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Preface

Historically, introduction and enforcement of structural design codes and standards
has been the responsibility of competent Authorities, with public safety as their
overriding consideration. So, traditional seismic design codes or standards, espe-
cially for buildings, aim at protecting human life by preventing local or global
collapse under a specific earthquake level with low probability of exceedance.
However, in the 1960s the international earthquake engineering community was
already aware of the importance of property loss and other economic consequences
caused by more frequent seismic events. Recognizing that it is not feasible to
avoid any damage under strong earthquakes, the Structural Engineers Association
of California (SEAOC) adopted in its 1968 recommendations the following require-
ments for seismic design:
“Structures should, in general, be able to:

— Resist a minor level of earthquake ground motion without damage.

— Resist a moderate level of earthquake ground motion without structural damage,
but possibly experience some nonstructural damage.

— Resist a major level of earthquake ground motion having an intensity equal to the
strongest either experienced or forecast for the building site, without collapse, but
possibly with some structural as well as nonstructural damage.”

Major earthquakes that hit developed countries in the second half of the 1980s
and the first half of the 1990s caused relatively few casualties but very large dam-
age to property and other economic losses. In response to this, “Performance-based
earthquake engineering” emerged in the SEAOC Vision 2000 document and devel-
oped into the single most important idea of recent years for seismic design or
retrofitting of buildings.

“Performance-based engineering” focuses on the ends, notably on the ability of
the engineered facility to fulfil its intended purpose, taking into account the conse-
quences of its failure to meet it. Conventional structural design codes, by contrast,
are process-oriented, emphasizing the means, i.e., the prescriptive, easy to apply,
but often opaque rules that disguise the pursuit of satisfactory performance. These
rules have been developed over time as a convenient means to provide safe-sided,
yet economical solutions for common combinations of structural layout, dimensions
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and materials. They leave limited room for the designer to exercise judgement and
creativity and do not provide a rational basis for innovative designs that benefit from
recent advances in technology and structural materials.

“Performance-based earthquake engineering” in particular tries to maximize the
utility from the use of a facility by minimising its expected total cost, including
the short-term cost of the work and the expected value of the loss in future earth-
quakes (in terms of casualties, cost of repair or replacement, disruption of use, etc.).
Ideally we should take into account all possible future seismic events with their
annual probability of occurrence and carry out a convolution with the correspond-
ing consequences during the design working life of the facility. However, this is
not so practical. Therefore, at present “performance-based earthquake engineering”
advocates replacing the traditional single-tier design against collapse and its pre-
scriptive rules, with a transparent multi-tier seismic design, meeting several discrete
“performance levels”, each one under a different seismic event with its own annual
probability of exceedance.

By the end of the first decade of the millennium the concept and the methodolo-
gies for Performance-based earthquake engineering have come of age. They have
been introduced, be it cautiously, in codes of practice, especially for seismic assess-
ment and retrofitting. Along with the further advancement of the methodologies,
the international scientific and technical community of earthquake engineering has
now the task to provide the full portfolio of tools and the techniques necessary for
its implementation: from detailed knowledge of the full range of ground motions
that a structure may conceivably experience and their damaging potential, including
significant residual deformations, to techniques to limit such damage.

The Workshop on “Advances in Performance-Based Earthquake Engineering”
that took place on the Greek island of Corfu in early July 2009 aspired to serve
exactly that purpose. It attracted 54 renowned experts from around the globe to send
and present contributions to its four parts:

e Ground motions for performance-based earthquake engineering.

e Performance-based seismic design and retrofitting — Methodologies.

e Performance-based seismic design and retrofitting — Implementation.

e Advanced seismic testing for performance-based earthquake engineering.

In addition to those invited to present papers, 10 scientists and engineers, mainly
from Universities in Greece and Italy, attended its sessions and contributed to the
discussions.

The idea for the subject of the Workshop came from the International Workshops
organized by Professors Peter Fajfar and Helmut Krawinkler in Bled (Slovenia)
in 1997 and 2004, on “Seismic Design Methodologies for the Next Generation of
Codes” and “Performance-Based Seismic Design — Concepts and Implementation”,
respectively. These two events serve as milestones in the development and promo-
tion of Performance-based earthquake engineering. Quite a few of the contributors
to the Corfu Workshop have attended either one or both of these very successful
past events. Among others, the 2009 Workshop in Corfu aspires to keep the Bled
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events vivid in their memory and to pave the way towards the 3rd Bled Workshop,
hopefully in the near future.

Special thanks are due to Professors Peter Fajfar and Helmut Krawinkler for
many reasons: for indirectly giving the idea for the theme of the Corfu Workshop;
for the advice and support they generously provided to its organizers; for helping to
attract some of the best experts on the subject; and, last but not least, for steering
the discussions during the Workshop itself.

The Workshop itself has been organized in the framework and with the financial
support of Grant FP7-REGPOT-2007-1, no. 204697, of the European Community
to the University of Patras within the Regional Potential part of its 7th Framework
Program (2007-2013). The Grant, titled: “Advanced Centre of Excellence in
Structural and Earthquake Engineering (ACES)” www.aces.upatras.gr, supports the
Structures Group of the Civil Engineering Department at the University of Patras to
develop further its material and human resources, enhance its international reputa-
tion and pave the way for its younger generation of faculty. A second Workshop, this
time on “Innovative Materials and Techniques in Concrete Construction”, is due to
follow in late 2010. The International Scientific Committee of ACES, representing
the networking partners of the University of Patras in the project, and composed of:

Michel Bouchon (Un. J.Fourier, Grenoble)
Michel Geradin (JRC, Ispra)

Haig Gulvanessian (BRE)

Giuseppe Mancini (Politecnico di Torino)

Urs Meier (EMPA)
Artur Pinto (JRC, Ispra)
Jean-Claude Quéval (CEA, Saclay)
Joost Walraven (TU Delft)

have greatly assisted the organizers of the Corfu Workshop and contributed to is
success, and will do the same for the second one in 2010. Together with Peter Fajfar
and Helmut Krawinkler and the editor of these Proceedings, they constituted the
Scientific Committee of the 2009 ACES Workshop in Corfu. The University of
Patras’s thanks go also to all of them.

The co-ordinator of the ACES project on behalf of the University of Patras and
editor of this volume gratefully acknowledges the full-hearted support of his col-
league Prof. Stathis Bousias and his close co-worker Dr. Dionysis Biskinis. Without
them the organization of the 2009 ACES Workshop and the preparation of its
Proceedings would not have been made possible.

Patras, Greece Michael N. Fardis
November 2009
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Chapter 1
Mapping Seismic Hazard for the Needs
of Displacement-Based Design: The Case of Italy

Ezio Faccioli, Manuela Villani, Manuela Vanini, and Carlo Cauzzi

1.1 Introduction

In structural design, the seismic action has been traditionally based on the elastic
acceleration spectrum that, for the fundamental period of a single degree of freedom
(SDOF) system, can be linked to the force acting on it through its mass, and to the
displacement through an appropriate member stiffness. Selecting the stiffness rep-
resents one major problem in force-based design, because it is erroneously assumed
to be independent of strength. Moreover the use of a unique force reduction factor,
based on ductility, for a given structural type was shown to be invalid [20]. Since
long time it is known that strength is less important than displacement for struc-
tures under seismic loading, because displacements and deformations of structural
and non-structural members directly control damage. Thus, a description of seis-
mic demand more suitable for performance based design becomes the displacement
response spectrum (DRS).

Herein, we illustrate first an improved version of a recent long period DRS hazard
map for Italy [15], followed by some significant additions. After recalling the input
used for the Probabilistic Seismic Hazard Analysis (PSHA) and showing the revised
hazard map for long period displacement, we discuss reduction factors for deriving
spectra for damping ratios up to 30% from the 5% damped ones. A further section
deals with basin amplification effects on the DRS and their quantification by a simple
method in a recent observation case history.

1.2 Basic Input Data

The original sponsor of the spectral displacement hazard maps (Italian Civil
Protection Department) indicated at the outset that the DRS maps should rely
as much as possible on the same input data that had been used for developing
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the current, conventional seismic hazard maps for Italy [22, 17]. These show 5%
damped, horizontal acceleration response spectrum ordinates in the 0-2 s period
range; Uniform Hazard (UH) spectra covering the whole country are also attached,
together with the probabilistic map for ag, to the current Italian building code [17]
(hereinafter NT 2008).

Among the input data, the most important is the so-called ZS9 model of Seismic
Source Zones (SSZs) [16], a revised assessment of the Italian seismo-tectonic set-
ting, jointly with the updated earthquake catalogue CPTI04 [23]. The SSZs in ZS9
are depicted in Fig. 1.1, which also displays the maximum “observed” moment
magnitude, Mwmax (hereinafter for simplicity Mmax), associated to each zone.

As required by the computer code used for Seismic Hazard Analysis (SHA)
(CRISIS2003, see [18]), the SSZs activity was quantified through the parameters
a and b of the Gutenberg and Richter (G-R) relationship, using two criteria of cata-
logue completeness, as described in [15]. For both criteria, My, = 4.76 was taken
in all SSZs, except for the Mt. Etna volcano zone ZS936 where My, = 4.35 was
adopted. The upper magnitude bound, My, assigned to each SSZ plays here a crit-
ical role, since DRS ordinates scale directly as 10 at T > 4-5 s. Two values had
been proposed by [22]: the largest observed magnitude (Mpax1, shown as Mwmax in

(D 637 e '9
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Fig. 1.1 Layout of seismic source zones (SSZs) in ZS9 model [16] for Italy used in this study,
with their maximum observed moment magnitude (Mwmax=Mmax1)- For SSZs in light gray shad-
ing the expected maximum magnitude (Mmax2) has been set to 6.14, while for all other SSZs
Mmaxa=Mmax1. Some SSZs discussed in the text are labeled by their identification number (e.g.
75936). The sites shown in the map are used in the sequel
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Fig. 1.1) and Mmax> > Mmax1 conservatively estimated at 6.14 in those SSZs where
the observed value was lower, shown with a gray shading in Fig. 1.1 (except for the
“volcanic” zones ZS922, ZS928 and ZS936). The influence of these two assump-
tions was assessed by different analyses [15] leading to the use of Mpax2 as the
maximum magnitude.

The attenuation equations to be used for the PSHA were chosen on the basis
of a simple analytical form that allows their application also to regions lacking
a complete knowledge of active faults and the possibility of predicting the spec-
tra up to at least 10 s. The attenuation model [8], hereinafter C&FO08, has been
the main tool used since it provides the DRS ordinates for 5%-, 10%-, 20%- and
30%-damping over a broad period range, based on digital high-quality data from
60 worldwide crustal earthquakes with 5.0 < Mw < 7.2 and focal distance 15 km <
R < 150 km. An analysis of variance showed scarce evidence for regional depen-
dence of ground motions. Other recent attenuation equations suitable for application
in this frame were evaluated. Among them, those in [4] (B&AOS8) for PSA spectra,
belonging to the Next Generation Attenuation (NGA) family, were found to satisfy
a number of requirements. Since, however, it was shown in [15] that they are not
uniformly reliable at long periods, the use of the B&A08 equations was restricted to
T<5s.

The hazard maps in [15] were created extending the use of the C&F08 equations
also for R < 15 km because several SSZs in the ZS9 model are less than 15 km deep,
some actually less than 10 km. Because the equations contain no distance saturation
term, using them below the lower bound distance (~15 km) of their reference dataset
led to hazard overestimation in some areas. To tackle this problem without recalcu-
lating all the coefficients of the attenuation equations as a result of changing the
source-to-site distance measure, the original dataset of [8] was greatly enlarged, and
the associated metadata improved by including both the fault distance, Ry, and R.
Having thus assembled a dataset of 2,966 distance pairs for R < 200 km, a nonlinear
regression of R on Ry and My, was performed, yielding the correlation

R (km) = 2.122 4+ 0.991 R¢ + 0.0160 exp (0.982 My) or = 6.92km.  (L.1)

Introducing Eq. (1.1) into the C&FO08 equations [8] provides a model that predicts
bounded ground motion amplitudes near the source and distance attenuation curves
with a magnitude-dependent shape. We call this model “modified C&F08”.

The epistemic uncertainties in present SHA analyses have been handled through
a logic tree, as explained in [15].

1.3 Seismic Hazard Maps and UH DRS

Figure 1.2 illustrates the 475 years DRS map for 7=10s, at the 50-percentile
level (right), compared with the maximum ground acceleration (ag) map, presently
adopted in the NT2008 code (left). Over most of Northern and Central Italy the long
period spectral displacement demand does not exceed 5 cm, and only in Calabria
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Fig. 1.2 Comparison of seismic hazard maps for Italy on ground type A: (left) at short period, i.e.
the maximum ground acceleration (ag) map in current Italian code NT2008 and (right) the long
period spectral displacement (Do) map (median value) for 10% exceedance probability in 50 years

(Southern Italy), where Mp.x > 7, does the spectral demand exceed 15 cm on hard
ground. This region, with Eastern Sicily, and the Central Apennines (at the latitude
of Rome) is the only one where D1 values are appreciably lower than those shown
in [15], and believed to be more realistic. The long period values point to interest-
ing consequences on structural design: for a return period of 475 years, reinforced
concrete buildings properly designed for static loads were estimated to withstand
a seismic displacement demand of 35 mm largely without damage, and masonry
buildings one of 7.5 mm [19]. Figure 1.2 shows that 35 mm would not be reached
anywhere in Northern Italy except Friuli.

Comparing short and long period hazard maps sheds light on the different hazard
levels portrayed by different ground motion parameters chosen for design. Because
DRS o 10°M, with « close to 1 for 7> 5 s, the long period map displays prominently
the influence of the SSZs with the largest Mp,x values. On the other hand, a, scales
as 10°M with « roughly around 0.3-0.4. Hence, in the ag map the highest hazard
zones in the NE (Friuli) and in the South (Calabrian Arc) both reach a value close
to 0.3g. In contrast to this, in the long period DRS map the Calabrian Arc values are
3 times larger than in Friuli.

The results of SH analysis have also been represented as UH, 5%-damped DRS
for all of the “comuni” (the smallest local administrations) in Italy, for the different
return periods. Figure 1.3 illustrates average hard ground UH spectra (with + 1o
bands) for different locations (symbols on map at centre of figure). Since one of the
goals motivating this study is to define a simplified DRS model of seismic action,
the UH spectra were carefully analyzed and from the shapes shown in Fig. 1.3 some
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Fig. 1.3 At center, map of values of corner period Tp, derived from Eq. (1.2) for a return period
of 475 years. In surrounding panels, plots of samples of 5% damped UH DRS at several groups of
locations (indicated by bunches of circular symbols on the map) in Italy. Dashed bilinear curves in
spectral plots were obtained as eye-fittings to the mean UH DRS of each group, shown by a solid
black curve, with shaded stripe representing the & o dispersion band. Tp values determined from
such fits (displayed on each panel) are shown by the color fillings of circle symbols, so that they
can be directly compared with the underlying map values on same color scale

conclusions were drawn. A simple, bilinear approximation of the DRS spectra seems
quite satisfactory for sites:

— inside SSZs with 6.0 < Mp.x < 6.5 (e.g. Piedmont, Friuli and Tuscany), with the
constant long period branch beginning between 1 and 3 s

— outside SSZs with M« > 6.5 (e.g. as in Apulia and Sicily), but with the constant
branch typically beginning at about 7 s

A trilinear approximation would do a better job e. g. in Northern Italy when the
distance from SSZs is large (Lombardy), and in Southern Italy inside SSZs with
large Mpax, (as in Campania, E of Naples, and in the Calabrian Arc).

Thus, the simplest acceptable approximation for the DRS shape is bilinear, with
a constant long period branch of amplitude Dj¢ starting at a corner period, Tp
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(Eq. (1.2) below), that separates such branch from that with constant velocity. At
shorter periods, a linearly increasing branch is defined in Eq. (1.3) for {= 5%,
that is:

2w Do
e U 1.2
b max PSV (1.2
T
D
DRS(T) = %T for 0 < T < Tp. (1.3)
D

The max PSV value in Eq. (1.2) can be calculated from the UH DRS at a site
through the pseudo-spectral relation. The map of Tp values for ground type A and
475-year return period is displayed at center of Fig. 1.3 and its reliability visually
checked by analyzing the UH spectra of about 700 sites (shown by circle symbols in
Fig. 1.3), as described in more detail in [15]. The proposed bilinear approximation
is strictly intended for the DRS and should not be used to back-calculate spectral
acceleration at short periods [7]. One practical way to make the DRS approxima-
tion suitable also for the design of short-period structures, would be to impose that
the total base shear should not exceed a limit, e. g. proportional to 2.5 x maxi-
mum ground acceleration ag, if P- effects are neglected [7]. The dependence of the
corner period on both magnitude and distance is at variance with the NEHRP [6] cri-
teria used for mapping the long period spectral corner in the USA. In [6] Tp depends
only on the modal magnitude governing hazard at the site, and just increases with
magnitude. However, previous studies of response spectra have already pointed out
the distance dependence of Tp [13].

1.4 Overdamped, Uniform Hazard Spectra

Overdamped spectra are generally approximated multiplying DRS(¢=0.05) by a
damping correction factor (herein R; ). Different proposals can be found in the liter-
ature for the correction of spectral ordinates for damping ¢ # 0.05 [3]. For example,
in Eurocode 8 R; therein denoted as 7 is constant for 7g < T < Tg, and linearly
increasing for 7<Tp and T > Tg, reaching the value 1 at 7= 0 and T = Tf (where
Ts, Tc, ..., are spectrum control periods of the spectra [9]). Because attenuation
equations for DRS ordinates were made available in [8] also for { = 0.10, 0.20 and
0.30 (C&FO08), the overdamped UH spectra at about 50 locations were calculated
in the SH analysis, and the corresponding spectral ratios DRSUH(T; ¢)/DRSVH(T;
¢=0.05) compared with the different R, definitions. The comparison suggested that
the Eurocode 8 [9] correction factors provide the best fit to the median ratios derived
from the UH spectra for T < 7 s, while for T > 7 s R; linearly increases reaching
unity at roughly 7' = 25 s (see Fig. 1.4), implying that at such a period the oscillator
response can be considered equal to the absolute value of the maximum ground dis-
placement. Hence the recommendation, adopted also in [7], is that the 0.05 damped
elastic DRS should be modified in accordance with the structure equivalent damp-
ing through multiplication of the displacement ordinates by the factor, R;, defined
as follows:
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Fig. 1.4 Correction factors for overdamped DRS ordinates with respect to the 0.05 damped DRS:
the bands represent the ratios derived from a representative sample of UH spectra, while solid lines
are the ratios yielded by (1.4)

3 .
L, == 8 16
= 12 £=0.10
L, 9 £=0.20
(73] -
@ 4 | £=030
gl 6 .
| 4
o/ VENICE (Norther ltaly) GUBBIO (Central ltaly) 3 JRRIENZA (Southem ltaly)
o 2 4 6 8 10 O, T —
T 0 2 4 6 8 10 o 2 4 6 8 10
[s] T(s] T[s]

Fig. 1.5 Uniform hazard DRS on ground A for three selected locations (Fig. 1.1): solid curves
denote spectra computed with attenuation relation for overdamped spectral ordinates, while dashed
curves show the approximate spectra yielded by application of (1.4) to the 0.05 damped spectrum
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= = _— < S 4a
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1
R, = 5 (1 =R)T+25R;0—7) 7s<T<25s (1.4b)

Figure 1.5 compares the overdamped UH spectra calculated by directly using the
attenuation equations for ¢ # 0.05 in the SH analysis with the spectra obtained by
applying (1.4) to the DRS(¢ = 0.05) for three sites (different from those used in
the calibration of R;), displayed in Fig. 1.5. Even though some differences exist for
sites with low seismicity, these can be neglected for most practical purposes. Hence,
the use of Eq. (1.4) is recommended.

1.5 Basin Effects and UH Probabilistic Spectra: A Case Study
Several cases of strong motion recorded on alluvium filled basins show amplifica-

tion effects that significantly exceed, at medium and long periods, those predicted
by empirical relations or included in seismic codes. Extensive work [12, 10, 21]
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has been performed earlier aimed at quantifying these effects and providing some
practical guidelines for modifying the DRS ordinates on sediment filled valleys. The
recent Aquilano, Central Italy earthquake of April 6th 2009 (M, 6.3) has provided
an opportunity for testing such guidelines, as discussed below.

“Basin effects” mainly arise from the generation, and diffraction at the edges of
the valley, of surface waves that travel horizontally in the upper sediments. While
the influence of these effects on site response has been the subject of substantial
theoretical studies, the resulting modification on the response spectra at the basin
surface (especially for periods > 1— 2 s) aimed at practical application (see e. g.
[10]) has received less attention.

In earlier work [21] parametric studies were carried out on alluvium filled val-
leys to understand how seismic motion is amplified as a function of valley geometry,
of the fault mechanism and of different valley-fault configurations, using configura-
tions representative of valleys in Italy, for focal distances at valley centre of about 15
and 20 km. A key parameter in all analyses is the fundamental 1D vibration period
of the sedimentary column at valley centre, To1p, acting as a theoretical upper bound
to 2D amplification effects [10]. Both the wave field generated from the earthquake
source and its propagation inside the basin sediments were computed by applying a
Domain Reduction Method (DRM) [14]. The analyses were performed on the model
shown in Fig. 1.6, borrowed from the European Sismovalp project (http://www-
Igit.obs.ujf-grenoble.fr/sismovalp/), and chosen as representative of typical valleys
of European Alps, both in shape and mechanical properties. The spectrum ordinates
calculated at the valley surface receivers were mapped and averaged according to
“centre” and “edge” zones, as shown in Fig. 1.6.

In Fig. 1.6, a 2D cross-section of the Aterno River Valley just S of the city of
L’ Aquila is also sketched, showing similar geometrical features (being about 3.5 km
wide and 250 m deep [2, 11]). The upper soil for the model valley center zone was of
type C, while the surface sediments at L’ Aquila show more likely B type properties,
with near-surface Vs values possibly of about 500 m/s.

In Fig. 1.7, an observed DRS obtained as geometric mean of the two horizon-
tal components from the AQK (city centre) strong motion records of the Aquilano
mainshock is compared with previously obtained [21] DRS envelopes of numerical
simulations for My, 6.3, in the valley central zone. Allowing for the difference in val-
ley dimensions and upper soil properties, the agreement of observed and synthetic

edge centre edge

1 Lum::2:3534::5353?3359404142434-145:54”&49505152535455|m 2
NPT P L L L L h fun Al

0 — o
wt  —

-600 | 1 1 1 | 1 1 1 |
[m] 0 2000 4000

Fig. 1.6 Valley model used in parametric analyses with zone subdivision and surface receivers. A
2D sketch of the Aterno River Valley across the city of L’ Aquila is superimposed in darker shading
and black outline for comparison
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Fig. 1.7 Comparison
between observed DRS at
AQK site (geometric average
of horizontal components) for
L’Aquila main event,
numerical simulations (mean
+ o of cases for My, 6.3, R¢
5.4 =16 km), mean & o
prediction band from C&F08
attenuation relation and
Eurocode 8 spectrum. Vertical
lines are Tyip values for the
Aterno River Valley and the
reference valley model

11

m— AQK - record April, 6" 2009 (geometric average)

Cauzzi&Faccioli(2008) mod. - M,, 6.3, R, 7.5 km, soil B

previous studies [18] - mean:o for M, 6.3, R; 5.4 <16 km

= + = Eurocode 8 - soil B

0.3
TOIO:
1 AQK!
Eo02- P,
2] ’
© :
Q :
0.1 e,
077 t — T
0.3 0.5 1 2 3
TIs]

data is fair; the spectral peak at around the corresponding 7¢ip values (shown as a
vertical line) should be noted. Observed spectra as well as numerical simulations
are decidedly outside the dispersion band of the C&F08 attenuation relation. The
Eurocode 8 spectrum [9] accounts for most of the amplification observed, at periods

close to Tyip.

The earlier extensive numerical analyses [21] led to practical guidelines defin-
ing amplification curves for sites susceptible of basin amplification effects, using
as a starting point the amplification bands predicted through the C&FO08 equations.

Fig. 1.8 Comparison
between observed DRS at
AQK site and UH spectra,
corrected for basin effects
with C&F08 amplification
bands modified as explained
in the text. The Typ value
shown is for the cross-section
of the Aterno River Valley
near AQK (city centre)

0.4

—— ACQK - record April, 6" 2009

0.3

RP 475 yr '

0.2

DRS [m]

0.1

UH*modified C&F08 amplification function
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For valley centre zones, in particular, it was proposed that the period range with
constant amplification should extend to Top, and should be followed by a decreas-
ing amplification branch up to 27(p. At sites with EC8 class B soil, the use of
spectral amplification bands for the Class C (or D) soil had been suggested for higher
magnitude events. Based on these recommendations, the UH DRS for rock (A) for
L’Aquila city has been multiplied by the C&FO08 amplification factor band, modi-
fied as explained, and compared with the observed spectrum at AQK (Fig. 1.8). The
comparison of a probabilistic 475-year spectrum with an observed one, generated
by a fault with unknown re-activation period (1000 years?) should be viewed with
much caution. Nevertheless, the agreement of the predicted DRS band for soil C
with the observed spectrum up to periods as high as 3-to-4 s is remarkable, espe-
cially at the peak amplification period, while an overestimate at the very long periods
is apparent.

1.6 Conclusions

This article extends the recent study of [15] with significant modifications and
additions. The new SH maps for Italy based on displacement response spectral ordi-
nates over a very broad range of vibration periods (0.05-20 s), designed to meet
the requirements of the Displacement Based Design, have been re-calculated and
improved with respect to [15] using a more refined version of the empirical ground
motion attenuation model, that avoids some shortcomings of [8] at near source dis-
tances. This should be seen also in the light of the increasing number of very tall
buildings and great bridges being erected or designed in different regions of the
world. As an example we recall the Burj Dubai Tower with a fundamental period
of 11.3 s, [1], and the proposed, single-span suspension bridge across the Messina
Strait, Italy, for which 77> 30s, [5]. Moreover, a modification factor for the DRS
with damping different than 0.05 has been suggested and already adopted in a recent
model code for displacement based design.

It is hoped that the results of this work will have an impact on current building
codes that anchor the whole design spectrum to a single intensity value (typically ay)
and, thus lead to wrong estimates of the long period branch. Since short and long
period hazard pictures can be vastly different, both short and long period anchors
should be furnished by a building code in order to have a (hopefully) accurate
description of the design ground motion both in amplitude and in shape, useful for
both displacement and force design applications.

Long period amplification on sediment filled basins and valleys was finally dis-
cussed, as it may modify significantly the DRS spectra. Relying on the results of
previous studies, a practically oriented approach has been applied and tested to
derive site specific DRS spectra, from UH spectra, accounting for basin amplifi-
cation effects. The comparison with a key observation from the 2009 Aquilano
earthquake indicates that the approach in question gives realistic results as to
amplification levels and period range of high amplification.
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Chapter 2
Some Examples of 1D, Fully Stochastic Site
Response Analyses of Soil Deposits

Carlo G. Lai, Mirko Corigliano, and Heidy Sanchez L.

2.1 Introduction

The geologic and geotechnical characteristics of a site have a strong influence on
the nature of the ground shaking experienced by a structure. In current engineer-
ing practice, site response analyses are performed with a deterministic approach at
most parametrically. However, deterministic analyses of seismic amplification do
not necessarily represent the response at a site where the uncertainties of the param-
eters used in the subsoil model are large. Moreover, the quality and completeness
of the data used to construct the subsoil model strongly affect the reliability of the
results. Every input parameter is affected by an uncertainty that propagates through
the model, thereby influencing the results of site response analysis. It can be easily
shown that the larger the uncertainty of the input parameters, the larger is the uncer-
tainty of the results. The uncertainty of the input parameter can often be reduced by
just performing other measurements or geotechnical tests. Some parameters influ-
ence the response more than others and reducing their uncertainty allows a reduction
of the uncertainty of the final result. A correct estimate of the uncertainty, together
with the assessment of reliability of results of ground response analysis may only be
achieved through fully stochastic-based procedures. They allow assessing the sen-
sitivity of results to both epistemic and aleatory uncertainty of model parameters
as well as the variability of seismic input. The spatial variability of the physical
properties and geotechnical parameters represent another source of uncertainty [1];
however by invoking the ergodic hypothesis this can be treated as a sort of equivalent
uncertainty.

This work illustrates the results of 1D linear-equivalent fully stochastic site
response analysis at two sites of great historical interest: the first in Kancheepuram,
Southern India, the other in Vicoforte, Northern Italy. The stochastic analysis at
these sites have been carried out using Monte Carlo simulations associated with the
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Latin Hypercube sampling technique. Randomly generated geotechnical parameters
varying within properly defined probability distributions were assumed to generate
the seismic response of over 5,000 numerical simulations. The variability of seismic
input was also taken into account by considering an appropriate set of seismo- and
spectrum-compatible natural records. The seismic input to be used for each case
study was defined by means of a standard Probabilistic Seismic Hazard Assessment
(PSHA).

2.2 1D Stochastic Ground Response Analyses

The term “ground response analysis” is used here to refer to one-dimensional (1D)
modeling of shear wave-propagating through a soil column. Such analyses are
often carried out using equivalent-linear constitutive modeling. Alternatively, fully
nonlinear modeling of material response is also considered, usually following a
deterministic approach. Deterministic analyses do not allow estimation of uncer-
tainty in the input parameters on the results. Therefore, after characterizing the site
of study as one-dimensional, a stochastic methodology was implemented to carry
out ground response analysis at two selected sites.

The adopted stochastic method [8] is based on Monte Carlo simulations, asso-
ciated to the Latin Hypercube sampling technique. For each simulation the input
parameters are defined from a set of randomly generated values sampled from pre-
defined probabilistic distributions. A complete analysis may require as much as
5,000 deterministic evaluations of the model, a computational effort that can be
easily achieved with today’s computers computational capability.

The advantages of the Monte Carlo simulation applied to site response analysis
over the deterministic approach are the following:

e It is possible to estimate the sensitivity of final results due to variation of model
parameters used to carry out the simulations;

e It is possible to propagate and thereby assess the influence of the uncertainty of
the model parameters and of their critical combinations onto the final results;

e It is possible to evaluate how the reduction of the uncertainty of a given input
parameter reduces the uncertainty of the seismic response;

e It is possible to assess the influence of the seismic input, which is usually
characterized by a large degree of variability [3].

The methodology however requires the definition of the probabilistic distribution
of the input parameters and of their possible cross-correlation coefficients. Usually
such distributions are difficult to define for geotechnical parameters whose spatial
and aleatory uncertainty can rarely be determined from standard or ever refined
ground investigation campaigns. Nevertheless, tools are available to overcome this
problem or at least mitigate it. There is a rich and consolidated literature on this
topic, not treated any further in this paper (e.g., Baecher and Christian [2]).
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2.2.1 Procedure of Analysis

The procedure to carry out stochastic ground response analysis can be subdivided
into the following steps:

(a) Definition of the seismic input: A set of 7 seismic- and spectrum-compatible
real records were selected from the outcome of a standard probabilistic hazard
study. The records are selected to be compatible with a uniform hazard spec-
trum computed at a specific outcropping rock site. Furthermore, selection of the
records is based on the result of deaggregation of the seismic hazard. The set
of 7 real accelerograms was taken to follow a uniform probabilistic distribution:
at each run a record has the same probability of being selected than the others.

(b) Geotechnical and lithostratigraphic characterization: Definition of a subsoil
model of the site from a thorough in-depth analysis of available geologi-
cal, geotechnical and geophysical data. For 1D soil profile, the construction
of the lithostratigraphic model requires the definition of the thickness and
unit weight y of the soil layers, the Vg profile and the damping- and shear
modulus-degradation curves.

(c) Statistical characterization: Definition of the probabilistic distribution for the
geotechnical parameters (e.g. layer thickness, Vs, y of each layer) consider-
ing the statistics of these parameters, or at least an estimate of their range of
variability.

(d) Stochastic modelling: Implementation of stochastic site response analysis via
Monte Carlo simulation is accomplished via the Latin Hypercube sampling
technique [9]. A minimum of 1,000 numerical simulations have to be carried
out to stabilize the results. The analyses are carried out using SHAKEO91 [11],
a computer program that implements a equivalent linear constitutive model in a
1D framework.

(e) Selection of spectrum compatible output records: The final step concerns the
selection of accelerograms that are compatible with the mean spectrum from the
stochastic simulations. These records will be then used for dynamic analyses.
The database used for the selection of the records consists of the acceleration
time histories obtained after propagation of the signal through the soil profile.

2.3 Case Study 1: Archaeological Site at Kancheepuram, India

Kancheepuram is a municipality in the Indian state of Tamil Nadu, 72 km southwest
of Chennai (see Fig. 2.1a). Kancheepuram has magnificent Indian temples of unique
architectural beauty. One of the biggest and most important is Ekambareswara (see
Fig. 2.1b). It is the tallest Gopuram (Indian Temple) in Kancheepuram and one of
the tallest Indian temple towers in Southern India.

Probabilistic Seismic Hazard Analysis (PSHA) was performed using the standard
Cornell-McGuire approach for PSHA. The zone-free approach by Woo [12] has also
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Chennai
Kancheepuram

Fig. 2.1 (a) Position of Kancheepuram in the State of Tamil Nadu in Southern India;
(b) Ekambareswara temple; the tallest Gopuram (57 m) built in 1509 AD at the Kancheepuram
temple

been considered. Epistemic uncertainty has been addressed through the adoption of
a logic tree. The outcome of the PSHA at the site consists of uniform hazard spectra
on stiff soil and level ground surface. Deaggregation analysis of PSHA results was
performed to identify the controlling earthquake for the site. A set of 7 spectrum-
compatible accelerograms recorded on rocky sites were selected as input for site
response analyses [7].

Geological, geotechnical and geophysical data obtained from specific site inves-
tigation were analyzed in order to assess lateral in-homogeneity of soil layers and to
obtain geotechnical information and physical properties of soil and rock at the site.
The investigation campaign included conventional geotechnical testing such as soil
sampling, Standard Penetration Test (SPT), laboratory testing (Cyclic Triaxial Test)
and geophysical investigations through the use of MASW (Multichannel Analysis
Surface Waves), ReMi (Refraction Microtremor) and H/V Nakamura test. After
integrating results of field and laboratory tests, the soil deposit was idealized as
a 1D model. Figure 2.2a shows the 3D subsoil model generated using the borehole
information from the geotechnical investigation, which shows how the layers can
be approximated as a 1D model. Figure 2.2b shows the position in plan of the bore-
holes drilled at the temple site and the location of the cross sections that were traced
to study the lateral variability at the site [10].

Owing to lack of detailed information, the uncertainty of the lithostratigraphic
model adopted for the site was estimated by defining appropriate intervals within
which the geotechnical parameters were assumed to vary. The lower and upper
bounds of the intervals were established based on geotechnical data. A Gaussian
distribution was assumed for each parameter. The uncertainty was computed as two
times the standard deviation normalized by the mean value (e.g. coefficient of vari-
ation). Table 2.1 shows the estimated values of uncertainty for the soil profile used
to model the site of Kancheepuram.

Randomly generated Vs and thickness profiles were considered using the proba-
bilistic distribution of the input parameters described in Table 2.1. Figure 2.3 shows
the mean profile and about 1,000 simulations for the Vg and thickness profiles. The
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a) Top b)
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Fig. 2.2 (a) 3D block representation of the soil deposit at Kancheepuram; (b) Location at the
temple site of the boreholes used to generate the cross sections adopted to assess the horizontal
variability of the soil deposit [10]

Table 2.1 Mean values and coefficients of variation (CoV) used for the geotechnical parameters
adopted in Monte Carlo simulations at Kancheepuram site

Layer Thickness (m) CoV (%) Vs (m/s) CoV (%) Y (kKN/m3) CoV (%)

1 1 15 150 35 15 3
2 2.5 25 200 40 16 5
3 9 50 250 22 18 5
4 25 60 480 38 19 5
5 Bedrock - 750 20 20 5

position of the bedrock’s roof has also been assumed variable, since also this datum
was affected by uncertainty.

Degradation curves for shear modulus and damping ratio were taken determin-
istic and estimated from results of laboratory testing. The various geotechnical
parameters were assumed to be uncorrelated, although the methodology could in
principle account for possible cross-correlation among the variables.

Each profile has been automatically run through the program SHAKE91. The
program computes the response in a horizontally layered soil-rock system subjected
to transient and vertical shear waves and assumes that the soil cyclic behaviour
can be simulated using an equivalent linear model. The mean acceleration response
spectrum and the mean plus and minus one standard deviation, computed out of
more than 1,000 numerical simulations is shown in Fig. 2.4 and compared with the
UHS obtained from the hazard analysis. The maximum ground acceleration found
in the PSHA for the 475 year return period was 0.08 g over hard rock, while the
mean value resulting from site response is 0.14 g.
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Fig. 2.3 Random profiles of 0
shear wave velocity obtained
using the Latin Hypercube 10
sampling technique at I
Kancheepuram site [7] 20 ””
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Fig. 2.4 Comparison of the uniform hazard spectrum (UHS) from the PSHA study at the
Kancheepuram site for 475 years return period and the mean acceleration response spectrum from
1,000 numerical simulations (the grey area is the mean =+ 1 standard deviation range) [7]

The mean spectrum computed at the free surface summarizes the results of the
stochastic analysis. However, for dynamic analysis of the temple, the acceleration,
velocity or displacement time-history may be needed. The definition of these time-
histories may come from the records computed at the free surface, using them
as a “database”, from where a set of 7 accelerograms can be selected, imposing
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Fig. 2.5 (a) Comparison of the mean spectrum from the simulations and the mean spectrum of
the selected set of acceleration time histories for dynamic analysis of the temple; (b) Acceleration
response spectra of the 7 records selected to match the mean spectrum from the 1,000 numerical
simulations for the 475-year return period at free surface [7]

compatibility with the mean spectrum obtained from the stochastic site response
analysis. Figure 2.5 compares the mean spectrum from Monte Carlo simulations
and the mean spectrum of the set of selected records.

For the dynamic analyses of the temple the second horizontal component of the
accelerogram is required. Once the set of 7 records was selected for the first compo-
nent, the corresponding component in the other direction of the input signal recorded
on stiff soil was propagated through a subsoil model with the same shear wave
velocity and thickness profile used for the first component. The input signals were
linearly scaled according to the PGA predicted with the spectrum-compatible set
using the corresponding scaling factors. However this approach does not guarantee
the spectrum compatibility for the second component of the accelerograms.

2.4 Case Study 2: “Regina Montis Regalis” Basilica
with the Largest Elliptical Dome at Vicoforte
in Northern Italy

The “Regina Montis Regalis” Sanctuary of Vicoforte (Cuneo, Italy), is a Cathedral
of great historical, architectural, and structural significance, owing its fame primar-
ily to the great masonry elliptical dome (see Fig. 2.6), the largest in the world of
this shape in terms of overall dimensions (internal axes 37.23 m by 24.89 m) [5].
Erected in 1732 on the late Renaissance structure of the Sanctuary, the dome-drum
system has suffered from the start from significant structural problems, partly due
to differential settlements arising from unfavourable geotechnical conditions and, to
a large extent, from its very slender, bold structural configuration. Since 1973 the
Sanctuary of Vicoforte has been the object of an extensive monitoring and strength-
ening program prompted by concern with the stability of its elliptical dome, badly
damaged by cracking [4].
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Fig. 2.6 “Regina Montis Regalis” Basilica located at Vicoforte, Northern Italy and detail of dome

Probabilistic Seismic Hazard Analysis (PSHA) was performed using the standard
Cornell-McGuire approach for PSHA. Like for Kancheepuram, also for Vicoforte
the seismic hazard study has been conducted using the logic tree approach and the
zone-free method by Woo [12]. Also here the outcome of the PSHA study con-
sisted of site-specific uniform hazard spectra on stiff soil and level ground surface.
Deaggregation analysis of PSHA results was performed to identify the controlling
earthquake for the site and a set of 7 spectrum-compatible accelerograms recorded
on rocky sites were finally selected as inputs for site response analyses [6].

Throughout the years three main geotechnical investigation campaigns were car-
ried out at the site. The first one, in 1976, consisted of borehole drilling, laboratory
testing of the soil samples and survey of the foundation geometry. In 2004 a new
site investigation campaign was carried out. The tests performed during this cam-
paign included undisturbed soil sampling, laboratory testing and geophysical cross
hole test. Finally in 2008 a geophysical investigation campaign was carried out,
to complement the previous, mainly local-type, investigations. The tests performed
included 2D seismic tomography (see Fig. 2.7a), 3D electric tomography, MASW,
ReMi, Nakamura and seismic Cross Hole tests.

The soil below the Basilica consists of two main formations of different thick-
ness, separated by a transition layer (“cappellaccio™) consequence of the alteration
of the bottom formation (marlstone). The latter is characterized by large values of
stiffness and strength. As far as ground response analyses are concerned, the marl-
stone was assumed to be the bedrock formation. The shallow formation consists of
silt-clayey layer and is characterized by poor mechanical properties. The 3D subsoil
model in Fig. 2.7b was obtained by interpolating the lithological data from bore-
holes and geophysical data. Given the characteristics of the subsoil at the site, four
different vertical cross sections were chosen to carry out 1D and 2D ground response
analyses. In this paper only the results of 1D stochastic analysis are illustrated. The
cross section chosen for the 1D analysis runs in the North-South direction, which is
the least variable direction in terms of soil lateral inhomogeneity.
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Fig. 2.7 (a) Shear wave velocity (V) 2D seismic tomography; (b) 3D subsoil model at
Vicoforte [6]

The thickness of each layer was defined deterministically using information from
borehole tests, which allowed to constrain the position of the interfaces among the
layers for the vertical cross-section under study. Once the thickness of each layer
was defined, the Vg properties of the 1D model have been described using the Vg
profiles obtained from the cross hole test. Figure 2.8a shows the results obtained
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Fig. 2.8 (a) Shear wave velocity profiles obtained at Vicoforte site with cross hole tests CHT1 and
CHT?2; (b) Generated Vg envelope and simulations for the 1D stochastic study [6]
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for both the 2004 and 2008 campaigns. From these values an envelope was built
(Fig. 2.8b) inside which random Vg profiles were generated. Usually shear wave
velocity is taken uniform over the thickness of a layer. Given that soils are pressure-
sensitive materials, for this study, Vs changes not only from one material to the other,
but within the same layer and is depth-dependent. Other parameters to be defined are
the mass density (p) and the shear modulus and damping ratio degradation curves
for each material. Degradation curves for shear modulus and damping ratio were
assumed deterministic and estimated based on results of laboratory testing. The
procedure that has been set-up however, would allow considering stochastic degra-
dation curves [8]. As for Kancheepuram, the various geotechnical parameters were
assumed to be uncorrelated. Once the probabilistic distribution of the geotechnical
parameters is defined, the Latin hypercube sampling technique is used to perform
Monte Carlo simulations. More than 1,000 Vg profiles were generated, all included
in the envelope in Fig. 2.8b.

Figure 2.9 shows the comparison between the mean spectrum and the mean =+ 1
standard deviation obtained from over 1,000 simulations and the UHS for the 475
years return period. The maximum ground acceleration found in the PSHA for the
475 year return period was 0.1 g over hard rock, while the mean value resulting
from the site response is about 0.2 g.

As described for the case study of Kancheepuram, a set of 7 records can be
selected by imposing compatibility with the mean spectrum from the stochastic site
response analysis. Figure 2.10 shows the comparison for the Vicoforte site between
the mean spectrum from Monte Carlo simulations and the mean spectrum of the
set of selected records. As expected, agreement between the two spectra is excel-
lent. The second horizontal component of the accelerograms has been chosen as
described for the case study of Kancheepuram.

1
[ scatter (+1 standard deviation)
Mean spectrum (Tr = 475 years)

= « == UHS for 475 years
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Fig. 2.9 Comparison of the
uniform hazard spectrum
(UHS) from the PSHA study
at Vicoforte site for 475 years
return period and the mean
acceleration response
spectrum out of 1,000
numerical simulations (the
grey area is the mean + 1
standard deviation range) [6]

Period [s]
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Fig. 2.10 (a) Comparison of the mean spectrum from the simulations and the mean spectrum of
the selected set of acceleration time histories to be used for dynamic analysis of the Basilica; (b)
Acceleration response spectra of the 7 records selected to match the mean spectrum from the 1,000
numerical simulations for the 475-year return period at free surface [6]

2.5 Concluding Remarks

Site response analyses at a given site is often characterized by large variability due
to different seismic inputs and for a given input (predictions) due to uncertainty in
subsoil modelling and geotechnical parameters. Single deterministic site response
analyses are inadequate to handle this problem. Also a series of parametric analyses
may be inadequate to fully address this issue, since some critical combinations of
geotechnical parameters and seismic input may induce significant ground amplifica-
tion that is completely overlooked by such type of analyses. Stochastic site response
analysis allows assessing the sensitivity of results to the uncertainty of model param-
eters and of reference seismic input. This may also be used to optimize resources in
geotechnical site investigation and characterization.

A methodology was set up to perform 1D, equivalent linear fully stochastic
site response analyses, taking into account uncertainty of seismic input and model
parameters. The procedure allows selection of spectrum-compatible records with
reference to the mean spectrum obtained by the stochastic site response analysis.

Successful application of the procedure has been shown at two selected site in
Southern India and Northern Italy.
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Chapter 3
Evaluation of the Coherence of Strong Ground
Motions Using Wavelet Analysis

Michalis F. Vassiliou and Nicos Makris

3.1 Introduction

During the last three decades an ever increasing database of recorded ground
motions has shown that the kinematic characteristics of the ground motion near the
fault of major earthquakes contain distinguishable velocity and displacement pulses
[10, 1, 8, 11, among others]. In some events the pulse is also distinguishable in the
acceleration history and in this case the ground motions are particularly destructive
to most civil structures. In other cases acceleration records contain high frequency
spikes and resemble random motions; however, their velocity and displacement his-
tories uncover a coherent long-duration pulse that results from the nonzero mean of
the acceleration fluctuations. These motions have a much smaller destructive poten-
tial to most civil structures (7 < 4 s) even when they produce ground displacements
as large as 3 m. A comprehensive comparison between the destructive potential of
these two classes of near-source ground motions has been presented by Makris and
Black [4]. The area under the acceleration pulse was coined by Bertero the ‘‘incre-
mental”” ground velocity in an effort to distinguish between the net increment of
the ground velocity along a monotonic segment of its time history and the peak
ground velocity that might be the result of a succession of high-frequency one-sided
acceleration spikes. As an example, Fig. 3.1 (left) shows the fault parallel compo-
nents of the acceleration, velocity, and displacement histories of the June 18, 1992
Landers, California earthquake (My,=7.2) recorded at the Lucerne Valley station.
The coherent 8.3 s long pulse, responsible for a 1.8 m forward displacement, can
also be distinguished in the velocity history; whereas, the acceleration history is
crowded with high-frequency spikes without exhibiting any distinguishable accel-
eration pulse. The acceleration pulse associated with the 8.3 s velocity pulse has so
feeble inertia effects that is immaterial to most engineering structures.
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Fig. 3.1 Left: Fault-parallel component of the acceleration, velocity and displacement time histo-
ries recorded at Lucerne Valley during the June 18, 1992, Landers, California earthquake. Heavy
line is a one-sine (Type A) acceleration pulse. Right: North-South component of the acceleration,
velocity and displacement histories recorded during the 1992 Erzincan, Turkey earthquake. Heavy
line is a Type-C; pulse (Makris and Chang [5] and Table 3.1 of this paper)

Figure 3.1 (right) shows the acceleration, velocity and displacement time his-
tories recorded in the 1992 Erzinkan, Turkey earthquake with My, = 6.7. What
distinguishes this record is that the velocity pulse is a result of a distinguishable
acceleration pulse — not the sum of many acceleration spikes with nonzero mean
as is the case in the Lucerne Valley record in Fig. 3.1 (left). This paper focuses on
matching and extracting coherent acceleration pulses (not velocity pulses) of strong
ground motions.

Given that the maximum inelastic displacement of structures scales with Tg (the
period of the predominant acceleration pulse) the need for a mathematically for-
mal, objective and easily reproducible procedure to extract pulse periods and pulse



3 Evaluation of the Coherence of Strong Ground Motions Using Wavelet Analysis

29

Table 3.1 Elementary symmetric and antisymmetric wavelets used in this study

Name Equation Graph Energy
1
05
One-cosine cos(2rt), 0<t<l1 0 1/2
(Type B Cyclodial)
-0.5
-1
1
o 05 s
Symmetrlc.Rlc.ker (1- 12) 5 3T
(2nd derivative of 0
Gaussian) Ricker [9]
-05
-10 10
2
2 T
Antisymmetric Ricker [ 3.323
te” 7 (=3
(3rd derivative of ¢ ( ) 0
Gaussian) Ricker [9] -1
-2
=10 10
1
Type C1 cyclodial cos(2mt 4 0.0697r), 03 0.681
0<1r<1.4303 0
. 0.5
Type C2 cyclodial cos(2mwt + 0.0410m), 1.209
0<r=<2459 0

amplitudes from near source ground motions becomes apparent. This need is the
main motivation for this work.

While the aforementioned studies focused on the mathematical representation of
distinguishable acceleration and velocity pulses, the first systematic study for quan-
titatively identifying coherent velocity pulses in near-fault ground motions has been
presented by Baker [2]. Baker’s work uses wavelet analysis to extract automati-
cally the largest velocity pulse (not acceleration pulse) in a given earthquake record;
therefore, it offers some characteristic time and length scales of the ground motion.
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This article essentially builds upon the work of Baker [2], Mavroeidis and
Papageorgiou [7], Gabor [3] and Makris and Black [4] in an effort to extract in a
mathematically rigorous way the most representative time scales and length scales
in earthquake acceleration records. In this work we first examine with continu-
ous wavelet transform 183 acceleration records using five (5) elementary mother
wavelets and we conclude that not only the period (dilation-contraction of the
wavelet) but also the phase and number of cycles (oscillatory character) need to
be manipulated in order to achieve the best local matching of the prevailing accel-
eration pulse. Accordingly the acceleration records of strong ground motions are
represented mathematically by the Gabor [3] wavelet (or its variation proposed by
Mavroeidis and Papageorgiou [7]) and the concept of wavelet transform is extended
so that the mother wavelet is not only translated and dilated but also subjected to an
appropriate phase shift and enhanced with additional cycles.

3.2 Wavelet Analysis

Over the last two decades, wavelet transform analysis has emerged as a unique new
time-frequency decomposition tool for signal processing and data analysis. Wavelets
are simple wavelike functions localized on the time axis. Table 3.1 gives examples
of wavelets. For a wavelike function to be classified as a wavelet, it must have (a)
zero mean and (b) finite energy:

E= foo [ ()% dr < oo; (3.1)

—00

In this work we are merely interested to achieve the best local matching of any
acceleration record with a wavelet that will offer the best estimates of the period
(T, = time scale) and amplitude (a,, since apTg = length scale) of the prevailing
energetic pulse. Accordingly, we perform a series of convolutions of the ground
acceleration signal, iig(), with the wavelet ¥ (¢) by manipulating the wavelet through
a process of translation (i.e. movement along the time axis) and a process of dilation-
contraction (i.e. spreading out or squeezing the wavelet)

C(s,6)=w (s)/ fig (1) ¥ (%) dr. (3.2)

The values of s = S and &€ = E for which C (s,&) = C (S, E) becomes maximum
offer the scale and location of the wavelet w(s)xlr(%) that locally match best the
acceleration record, iig(f). Equation (3.2) is the definition of the wavelet transform.
The quantity w(s) outside the integral in Eq. (3.2) is a weighting function. Typically
w(s) is set equal to 1/4/s, to ensure that all wavelets Yset) = w(s) ¥ (%) at
every scale s have the same energy. The same energy requirement among all the
daughter wavelets v ¢ (7) is the default setting in the MATLAB wavelet toolbox [6]
and what has been used by Baker [2]. However, the same energy requirement is, by
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all means, not a restriction. A weighting function w(s) = 1/s' = 1/s suppresses the
large scale wavelets; therefore it accentuates the presence of shorter period pulses;
whereas a weighting function, w(s) = 1/s = 1 accentuates the presence of longer
period pulses. For instance, in order to capture the long velocity pulse of the Lucerne
Valley record in Fig. 3.1, the weighting function needs to promote the long periods.
Therefore a weighting function w(s) = 1/s° = 1 had to be used to capture the 8.3 s
long velocity pulse of that record.

3.3 Selection of the Best Matching Wavelet

Figure 3.1 shows that a Type-A cycloidal pulse (one sine acceleration pulse) was
selected to approximate the pulse of the 1992 Lucerne Valley record; whereas
a Type-C; (one cycle displacement pulse) was selected to approximate the 1992
Erzikan record. The question that arises is which wavelet matches better the majority
of records so that it can be used with confidence to extract invariably the pulse period
and pulse amplitude of any pulse-like acceleration record. This paper examines the
performance of the wavelets listed in Table 3.1. Note that the mathematical expres-
sions appearing in Table 3.1 are for the mother wavelets. Each of these wavelets
was used to match to the extend possible the 183 records listed in Vassiliou and
Makris [12].

As an example, the top five graphs of Fig. 3.2 show the performance of each of
the five candidate wavelets listed in Table 3.1 when matching the El Centro Array #5
record from the 1979 Imperial Valley Earthquake. The measure used to evaluate the
capability of a wavelet to locally match the predominant acceleration pulse (match-
ing index) is the inner product of the extracted mathematical pulse, A (S, E) V5.2 (¢),
with the acceleration record, normalized with the energy of the record. A (S, B) is
defined in (Vassiliou and Makris [12])

e¢]

[ g () - A (S, B) Y5, (1) dt

o — _ (3.3)
[ Gig()*dr

The scores of the 5 wavelets appearing in Table 3.1 during the contest of best
matching all 183 acceleration records are obtained as follows. When matching each
record, the wavelet with the highest matching index, e, takes 4 points, the second
best takes 3 points, the third takes 2 points, the one before last takes one point and the
last one takes zero points. Figure 3.3 (left) portraits the scores of all 5 wavelets in the
form of a histogram. Clearly there is no clear winner since the outcome of the contest
depends on the set of ground motions which includes probably more records with
antisymmetric coherent pulses than symmetric pulses. The above exercise indicates
that in order to satisfy the request of matching satisfactorily the majority of records
with a single mother wavelet; this wavelet should allow for a manipulation of its
phase and number of cycles.
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(30), 1979 Imperial Valley Earthquake
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Fig. 3.2 Matching of the acceleration record with various elementary wavelets (leff) and the result-
ing velocity signals (right). In the wavelet transform, all daughter wavelets have same energy.
Bottom: Comparison of the elastic acceleration response spectra with 5% viscous damping
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Fig. 3.3 (Right) Scores of the five wavelets in Table 3.1 in the contest of best matching the 183
records (Left) Scores of all seven wavelets of interest. The M&P wavelet ranks first ahead of the
Gabor wavelet, while the other five wavelets in Table 3.1 which do not allow for phase modulation
and manipulation of their oscillatory character are far behind

3.4 Extension of the Wavelet Transform by Also Modulating
the Phase and the Oscillatory Character of the Elementary
Signal

In the classical wavelet transform defined with Eq. (3.2) the mother wavelet is only
subjected to a translation together with a dilation-contraction, (%) The dilation

contraction is controlled with the scale parameter s; while, the movement of the
wavelet along the time axis is controlled by the translation time, £. For instance, any
daughter wavelet of the symmetric Ricker mother wavelet in Table 3.1 assumes the

form
2 1(1= 2
w(—t_§>=[1—(t_‘§> }»‘2(5). (3.4)
N N

The need to include four parameters in a mathematical expression of a simple
wavelike function that is a good candidate to express the coherent component of
a recorded ground motion has been presented and addressed by Mavroeidis and
Papageorgiou [7]. They suggested that a sound analytical model for pulse like
records should include four parameters — that is the pulse duration (or period), the
pulse amplitude, the number of cycles and the phase of the pulse. They identified
as the most appropriate analytical expression the Gabor [3] “elementary signal”
which they slightly modified to facilitate derivations of closed-form expressions of
the spectral characteristics of the signal and response spectra.

One of the earliest and most seminal publications in time frequency analysis has
been presented by Gabor [3].

2

2 2
0 _ ()7 o [27fpt + ¢] (3.5)

which is merely the product of a harmonic oscillation with a Gaussian envelop.
In Eq. (3.24), f, is the frequency of the harmonic oscillation, ¢ is the phase angle
and y is a parameter that controls the oscillatory character of the signal. The Gabor
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wavelike signal given by Eq. (3.5) does not have a zero mean; therefore, it cannot be
a wavelet within the context of the wavelet transform. Nevertheless, the derivative
of the Gabor [3] elementary signal,

275\ o
% _ _zfzfpe‘(f’) ! (yzsin (2fyt + @) + Afyt cos (2fyt + w)), (3.6)

is by construction a zero-mean signal and is defined in this paper as the Gabor
wavelet. According to the notation used in this paper for the wavelet functions the
frequency, fp, in Eq. (3.6) is replaced with the inverse of the scale parameter, 1/s;
while & denotes the translation time. Accordingly the Gabor wavelet is expressed as

v(SEre)=- i_ﬂéj(:{)w)z (v 2(2” (5)+) 37)
+4n( )COS<2’T< s > (p>>

In the expression for the Gabor wavelet, Eq. (3.7), the dilation-contraction is
controlled with the parameter s while the movement of the wavelet along the time
axis is controlled with translation parameter &, the same way as is done in the Ricker
wavelet given by Eq. (3.4). The novel attraction in the Gabor wavelet in Eq. (3.7)
is that in addition to the dilation-contraction and translation (r — &)/s, the wavelet
can be further manipulated by modulating the phase, ¢, and the parameter y, which
controls the oscillatory character (number of half cycles). We can now define the
four parameter wavelet transform as

C(s. 8, pr)—W(SVw)/ug(t)lﬁ( E,V w)dt (3.8)

The inner product given by Eq. (3.8) is performed repeatedly by scanning not
only all times, &, and scales, s, but also various phases ¢ and various values of the
oscillatory nature of the signal y. When needed more values of ¢ and y may be
scanned. The quantity w(s,y,¢) outside the integral is a weighting function which is
adjusted according to the application. Vassiliou and Makris [12] have demonstrated
that the weighting function determines whether a long or a short duration pulse will
be extracted.

The valuesof s =5, £ = E, y =T, ¢ = ® for which the coefficient C(s,€,y,¢) =
C(S,E,T", ) becomes maximum offer the scale, location, phase and number of half
cycles of the wavelet v ((t — &)/s, ¥, ¢) that locally matches best the acceleration
record, iig (). Figure 3.4 plots the magnitude of the extended wavelet transform,
C(s,&,y,p), of the El Centro Array #5 acceleration record for various scales as
a function of time and four different values of the phase ¢ ={0, n/4, n/2, 37/4}
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Fig. 3.4 Scalograms of the extended wavelet transform defined by Eq. (26) exercised on the El
Centro Array #5 acceleration record from the 1979 Imperial Valley earthquake with the Gabor
wavelet (y = 3). The maximum value of the wavelet transform is located at s = Tp= 3.8s, y = 3
and ¢ = 3n/4

when y=3. The maximum value of the wavelet transform C(s,£,y,¢) is located at
s=Tp, =3.8sand ¢ = 37/4.

Figure 3.2 (sixth plot from the top) plots the shape of the Gabor wavelet
A ET,®)-w(S,T",P)- w(%, ', &) where the values (S, E, I' and ¢) are those
that maximize the extended wavelet transform given in Eq. (3.8) in which iig(?) is the
El Centro Array #5 acceleration record from the 1979 Imperial Valley earthquake.

The elementary signal proposed by Mavroeidis and Papageorgiou [7] to approx-
imate velocity pulses is a modification of the Gabor signal given by (3.5)

v(t) = % (1 + cos (27;—fpt>) cos (27fpt + @) (3.9)

Clearly the wavelike signal given by Eq. (3.9) does not always have a zero
mean; therefore it cannot be a wavelet within the context of wavelet trans-
form. Nevertheless, the time derivative of the elementary velocity signal given by
Eq. (3.10)
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dv(t)y nfy (. (27f;
o :7p (sm <7pt> cos (2nfpt + (p)

G )
+ ysin rfet + ¢) [ 1 + cos Tt

is by construction a zero-mean signal and is defined in this paper as the Mavroeidis
and Papageorgiou (M&P) wavelet. After replacing the oscillatory frequency, fp, with
the inverse of the scale parameter the M&P wavelet is defined as

t—& . (2 2
(o) = (0 (Z -0 oo (Zu-prv)
s sy s
. (27 2
+ y sin <— (t—=§) +(p)) (1 + cos <— (t— S)))
s ys

(3.11)

(3.10)

It is worth noting that the mathematical structure of both the Gabor and the M&P
elementary signals forces us to conduct the extended wavelet transform on the accel-
eration records (not the velocity records) given that only the time derivatives of the
elementary signals are wavelets within the context of the wavelet transform.

When selecting the appropriate weighting function the wavelet transform on the
acceleration records proposed in this paper leads to the velocity pulses presented by
Mavroeidis and Papageorgiou [7] and Baker [2]; yet, most importantly the coher-
ence of the ground motion extracted with this work is directly related to the inertia
effects on structures given that it originates from the acceleration records.

The last time-history plot on the left of Fig. 3.2 plots with a heavy line the shape
of the M&P wavelet where the values of s=S§, §&=E, y=I" and ¢=® are those
that maximize the extended wavelet transform given by Eq. (3.8) in which iig (1)
is respectively the 1979 El Centro, Array #5. The parameters (Tp,=period=s=scale,
y =oscillatory character and ¢=phase) of the Gabor and M&P wavelets that max-
imize the outcome of the extended wavelet transform given by Eq. (3.8) for three
well known records are offered in Table 3.2. The extended version of Table 3.2 for
183 strong motions is presented in Vassiliou and Makris [12].

Table 3.2 Parameters of the Gabor and M&P wavelets that maximize the extended wavelet
transform of Eq. (3.8)

Gabor [3] M&P [7]
Event Station ap (@) Tp(s) y e@ad) ap(g) Tp(s) y ¢ (rad)
1 Parkfield CO2/065 0.47 0.7 3 157 0.41 0.6 3 157
S. Fernando Pacoima 0.42 1.5 3079 0.39 1.4 2 079
Dam 164
3 Pacoima 0.69 0.6 3 236 0.61 0.5 3 236

Dam 254
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In order to address the question, which wavelet matches better the majority of
records, the scores of the seven (7) wavelets under examination (5) wavelets appear-
ing in Table 3.1 plus the Gabor and M&P wavelets defined by Egs. (3.7) and (3.11)
are obtained following the protocol defined in constructing Fig. 3.3. When match-
ing each record, the wavelet with the highest matching index, e, takes 6 points the
second best takes 5 points, all the way to the last matching index which takes zero
points.

3.5 Conclusions

In this paper we develop and validate a mathematically formal procedure to extract
the characteristic time scales and length scales of strong ground motions. The pro-
cedure uses wavelet analysis to identify and approximate energetic acceleration
pulses (not velocity pulses). The study shows that the weighting function in the
definition of the wavelet transform has a dominant role in extracting a specific
pulse. For instance longer pulses which are often detected visually in the veloc-
ity records (and have attracted the attention of Mavroeidis and Papageorgiou [7]
and Baker [2] among others) can be systematically captured with the wavelet trans-
form of the acceleration records by implementing a less suppressive weighting
function.

The capability of several popular symmetric and antisymmetric wavelets to
locally match the energetic acceleration pulse is examined; and it is concluded that
the exercise to identify the best matching wavelet shall incorporate, in addition to the
standard translation and dilation-contraction of the traditional wavelet transform, a
phase modulation together with a manipulation of the oscillatory character (addition
of cycles) of the wavelet. This need leads to the extension of the wavelet transform
to a more general wavelet transform during which the mother wavelet is subjected
to the four abovementioned functions.

The paper examines the performance of two similar elementary signals — the
seminal elementary signal proposed by Gabor [3] and its variation proposed by
Mavroeidis and Papageorgiou [7] which in addition to a period (scale) parameter
and an amplitude parameter, include a phase parameter, ¢, and an oscillatory char-
acter parameter y. The time derivatives of these abovementioned elementary signals
satisfy the conditions for a wavelike function to be a wavelet and are defined as the
Gabor and the Mavroeidis and Papageorgiou (M&P) wavelets.

The paper examines the capability of the Gabor anf M&P wavelets to locally
match the energetic acceleration pulse of 183 strong ground motions and it shows
that the performance of the proposed extended wavelet transform which con-
volves the acceleration record with the abovementioned four-parameter wavelets
outshines the performance of the traditional wavelet transform which convolves the
acceleration record with any two-parameter wavelet.
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Chapter 4
Real, Scaled, Adjusted and Artificial Records:

A Displacement and Cyclic Response
Assessment

Tunio Iervolino, Flavia De Luca, Edoardo Cosenza, and Gaetano Manfredi

4.1 Introduction

Seismic assessment of structures via non-linear dynamic analysis requires proper
seismic input selection. Seismic codes suggest different procedures to select ground
motion signals, most of those assuming spectral compatibility to the elastic design
spectrum as the main criterion [12]. On the other hand, practitioners have several
options to get input signals for their analysis; e.g., various types of synthetic, artifi-
cial, real or real-manipulated records [3]. Codes usually accept the use of different
types of records and may provide additional criteria or limitations for each of those.
In the Italian seismic code [6], for example, artificial records should have dura-
tion of at least 10 s in their pseudo-stationary part, and they cannot be used in the
assessment of geotechnical structures. Synthetic generated by simulation of earth-
quake rupture and propagation process should refer to a characteristic scenario for
the site in terms of magnitude, distance and other source seismological character-
istics; finally, real records should reflect the event dominating the hazard at the
site. However, practitioners cannot always accurately characterize the seismolog-
ical threat to generate synthetic signals, or it is not possible to find a set of real
records that fits properly code requirements in terms of a specific hazard scenario
[5]. In fact, despite the increasing availability of databanks of real accelerograms
in the last decades, i.e. of the most sound representation of ground motion, and the
spread use of this type of records to characterize seismic input, it may be very dif-
ficult to successfully apply code provisions to natural record sets, especially those
regarding spectral compatibility, if appropriate tools are not available [12]. This is
why the relatively easy and fast generation of artificial records (i.e., via random
vibration procedures) perfectly compatible with an assigned design spectrum, has
become very popular for both practice and research purposes. More recently, algo-
rithms to get the spectral compatibility of real records by wavelets adjustment were
proposed [9]. This kind of manipulation is an extension of the more simple linear
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scaling of real records to modify (e.g., to amplify) the spectral shape to get a desired
intensity level [10].

Although, several studies attempted to assess the reliability of each of these pro-
cedures (e.g., Schwab and Lestuzzi [16]), general conclusions seem hard to derive
from literature. This work tries to address the spectral matching issue from the
structural point of view in terms of non-linear peak and cyclic response, simply
having as reference a code-based design spectrum. To this end, six categories of 28
accelerograms, each one consisting of four sets, were considered:

un-scaled real records (URR);

moderately scaled real records (SF5);
largely scaled real records (SF12);
wavelet-adjusted real records (RSPMatch);
type 1 artificial records (Belfagor); and
type 2 artificial records (SIMQKE).

The basis of this study is the elastic pseudo-acceleration design spectrum, that
is, all sets are compatible with the same elastic code spectrum for a case study site
in southern Italy (see following section). As structural response measures, or engi-
neering demand parameters (EDPs), the peak inelastic displacement, the kinematic
ductility and the equivalent number of cycles were considered to relate the structural
response to both peak and cyclic content of the ground motion.

Analysis of a large number of single degree of freedom (SDOF) systems with an
elastic-plastic with hardening behaviour aimed at assessing and comparing the bias,
if any, associated to each typology of records for the three EDPs with respect to the
un-scaled real ground motions which are considered as a benchmark.

4.2 Records

Six categories of records were selected assuming the same target spectrum built
according to the new Italian seismic code for a case-study site (Avellino, southern
Italy) having as geographical coordinates: lat. 40.914, long. 14.78. The 5%-damped
elastic spectrum considered is that related to the life-safety limit state of an ordi-
nary construction with a nominal life of 50 years on A-type (stiff) soil class (see
CS.LL.PP. [6] for details).

For each category four spectrum compatible sets of seven records were selected
(if real) or generated (if artificial). Assuming sets of seven records acknowledges
the Italian and Eurocode 8 [4] prescriptions that allow using the mean structural
response from non-linear dynamic analyses if at least seven records are employed.
In the following the selection or generation of the sets are briefly reviewed.

URR, Un-Scaled Real Records — The sets of un-scaled real records were selected
using REXEL, a software which allows to select combinations of multi-component
real ground motion records contained in the European Strong-Motion Data
Base (ESD — http://www.isesd.cv.ic.ac.uk/ESD) and in the Italian Accelerometric
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Archive (ITACA - http://itaca.mi.ingv.it/ItacaNet), which on average match an
arbitrary or code-based elastic spectrum [13]. By providing to the software the
geographical coordinates of the site and the limit state of interest, it was possi-
ble to select four sets of records matching on average the target spectrum in the
0.15-2.0 s range. Moment magnitude (M) and source-to-site distance (R.) range
between 5.6-7.8 and 0-35 km, respectively. In Fig. 4.1a the four sets’ means are
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Fig. 4.1 Acceleration response spectra of URR (a), SF5 (b), SF12 (c¢), RSPMatch (d), Belfagor
(e), SIMQKE (f) records
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represented along with individual records and target spectrum. All the averages
of the sets are within the [-10%, +30%] tolerance interval with respect to the tar-
get spectrum. In most of the compatibility interval they approximate very well the
design spectral shape. The four URR sets have no registrations in common and come
from 17 different earthquake events.

Scaled Real Records — Linearly (amplitude) scaled records were selected with
REXEL. The range of periods considered is the same as per URR. The intent is to
compare the responses to records moderately and significantly scaled. In particular
two categories of four scaled records sets each, differing for the average scaling
factor (SF), were selected: (1) SF = 5; (2) and SF = 12.

SF5 — In the same magnitude and distance ranges chosen for un-scaled records,
four sets of seven compatible accelerograms each were selected through a spe-
cific option of REXEL, with a mean SF = 5 (Fig. 4.1b). The 28 different records
(9 records in common with URR) come from 15 earthquake events (10 of them are
in common with URR). Note that the variability of the scaled sets is smaller than
those un-scaled as expected [12, 13].

SF12 — Using REXEL three sets of seven records, whose average SF was 12,
were also defined. It was not possible to find another set with the desired character-
istics. So, the fourth set of seven accelerograms was “manually” selected so that its
average scaling factor was similar to the other three sets selected with the computer
software. These four sets have no events in common with the URR sets and come
from 17 different earthquakes (Fig. 4.1c¢).

RSPMatch, Wavelet Adjusted Records — RSPMatch2005 software [1, 9] was used
to modify the URR sets. In this case the adjustment procedure was simply aimed at
reducing the mismatch of individual records with respect to the target. The pro-
cedure was pursued only for 5% damping in the range of periods 0.15-2.0 s, in
which records were already compatible on average and without the application of
any linear scaling factor (Fig. 4.1d).

Artificial Records — Generally speaking, generation procedures for artificial
accelerograms are based on the random vibration theory and the spectral matching
is carried out via an iterative adjustment of the Fourier spectrum [15]. The two com-
puter programs selected for this study generate different kind of signals: the first
one, Belfagor [14] produces non stationary signals; the second one, SIMQKE [8]
produces stationary signals that are subsequently enveloped in a trapezoidal shape.

Belfagor Records — Belfagor generates non stationary signals by using variable
Fourier amplitudes empirically evaluated. In fact, the code asks for reference M,
R, values and soil type, even if the spectrum to match is a code spectrum. Using
Belfagor, 28 accelerograms were generated. They all have the same duration, 21.48 s
and a sampling time step of 0.005 s. Records were arranged in four sets of seven
records (Fig. 4.1e).

SIMQKE Records — A second group of four sets of artificial records was gener-
ated by SIMQKE. This well-known software generates groups of stationary artificial
records in a way they fit the target spectrum. In this case 28 records were generated
together and then they were split in four groups of seven (Fig. 4.1f).
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Fig. 4.2 Average values of /4 and Ip computed as mean value of 28 records

Each accelerogram of the six categories was also processed to evaluate character-
istic (integral) parameters other than the spectral shape. Arias intensity (/5 ), and the
Cosenza and Manfredi index (Ip), Eq. (4.1), computed as the mean of the sample of
28 records for each category, are reported in Fig. 4.2. Ip is defined as a factor times
I divided by the product of peak ground acceleration (PGA) times the peak ground
velocity (PGV), lervolino et al. [11].

2. I
p==2 A

R — 4.1)
n  PGA-PGV

Figure 4.2 shows that real records, both scaled and un-scaled, and RSPMatch
records have similar mean values of Ip. Both categories of artificial records display
higher values of Ip. The SIMQKE records show comparatively high values of Ip
and Ip. Belfagor records compare better to real records at least in terms of /.

4.3 Analyses and Structural Response Measures

All records selected for each category were used as input for non-linear dynamic
analyses of 40 inelastic SDOFs, whose periods (7) vary linearly from 0.1 to 2 s.
Inelastic SDOFs have elastic-plastic backbone with linear hardening. The post-yield
stiffness was taken as 0.03 times the initial stiffness (k) (see Fig. 4.3, where Fy and
Ay are yield force and displacement respectively).

The peak elastic deformation experienced by an elastic structure is a ground-
motion specific quantity. Therefore, one can achieve the same value of the strength
reduction factor (R), either for each record in a dataset (constant R approach) or
on an average sense for all the records, that is, relating the R factor to the target
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Fig. 4.3 SDOF backbone

B,

spectrum matched (constant strength approach) as in Eq. (4.2) where Sac; is the
acceleration ordinate in the code spectrum at the period of the SDOF and m its
mass. The latter approach was considered herein, to simulate the effect of differ-
ent sets of accelerograms on the same structure. In particular two R values were
chosen, 4 and 10, to cover a wide range of non-linearity levels. However, it should
be emphasized that the two different approaches may lead to different conclusions

[2].
Fy = Sae, (T) - m/R (4.2)

EDPs chosen were selected to investigate both peak and cyclic seismic response.
Displacement-based parameters are the peak inelastic displacement (Sdg—;) and the
kinematic ductility (Dyin) evaluated as the ratio of Sdg—; to the yield displacement,
Eq. (4.3). The equivalent number of cycles (N.) was also considered. It includes
the hysteretic energy (Ey) normalized with respect to the largest cycle, decoupling
ductility demand (already considered above) and cyclic demand, Eq. (4.4).

Dyin = SdR:i/Ay (4-3)

Ne = En/[Fy - (Sdr=i — Ay)] (4.4)

4.4 Results and Discussion

Peak Response — The peak displacements of the SDOF systems are presented as
mean value on 28 records pooled per typology. Figure 4.4a and b show inelas-
tic result for the two R values of 4 and 10. Additional results relative to other R
values and other engineering demand parameters (EDP) can be found in De Luca
et al. [7]. Generally, the adjusted and artificial records seem to show a systematic
underestimation of the displacement response compared to the URR for the higher
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Fig. 4.4 Peak displacements for each category (28 categories) for R = 4 (a) and R = 10 (b)

non-linearity levels, and at least in the range of period of interest for the non-linear
behavior of the most of common structures.
SF5 and SF12 do not show a systematic trend with the period. Belfagor records,

in particular, lead systematically, and for both R values, to average inelastic displace-
ments lower than the elastic target spectrum. However, hypothesis tests employed to
assess quantitatively the significance of these results do not lead to the conclusions
that any of these biases are statistically significant.

Ductility Demand — The kinematic ductility may be useful to assess the absolute
displacement demand. Figure 4.5a and b show the same trend observed above, that
is, artificial or adjusted records may lead to underestimation compared to URR only
at high non-linearity levels. Ductility demands for each category are very close to
each other for R = 4. Increasing the reduction factor leads to the same trend found
for inelastic displacements. In this case URR ductility demand for R = 10 in the
moderate periods range, is about two times ductility* of Belfagor records.

Equivalent Number of Cycles — More evident conclusions may be found when
analyzing the trends of the equivalent number of cycles in Fig. 4.6.
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Fig. 4.6 Equivalent number of cycles for R = 4 (a) and R = 10 (b) (28 categories)
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Fig. 4.7 N, versus Ip forR=4 (a)and R =10 (b)and T=0.6 s

At all non-linearity levels a significant overestimation in terms of cyclic response
may be observed for both adjusted and artificial records. In this case SIMQKE
records show the highest N, values. Belfagor records give the same trend, although
with a lower bias. Wavelet-adjusted records seem to not show any bias.

It is to note that trends found for N. could have been predicted by the integral
parameters discussed above; i.e., the Ip values of the sets. Figure 4.7 shows N
versus Ip for the individual records for 7= 0.6 s, for R =4 (a) and 10 (b). The high
values of Ip of the artificial records seem to agree with the high N, values (more
clearly for the SIMQKE records).

4.5 Conclusions

In this work different ways to achieve spectrum-compatible record sets were
compared in terms of both peak and cyclic of inelastic seismic response of 40
non-degrading SDOFs.
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Six typologies of records were considered: real un-scaled, real with limited aver-
age scaling factor, real with large average scaling factor, real adjusted with wavelets,
and two different types of artificial records. The benchmarks were the design elastic
spectrum for a case study site in southern Italy and the response to un-scaled records
matching it on average.

Results seem to indicate that artificial and wavelet-adjusted records may under-
estimate peak displacement-related demand. However, this is evident only for high
R values and it was not found to be statistically significant. On the other hand, when
cyclic response is of concern, artificial records show a strong overestimation with
respect to real records and wavelet-adjusted records.

All the trends for the linearly scaled records seem to be non-systematic, indicat-
ing that scaling does not bias the response if the spectral shape is a control factor.
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Chapter 5

Theoretical Consistency of Common Record
Selection Strategies in Performance-Based
Earthquake Engineering

Peter J. Stafford and Julian J. Bommer

5.1 Introduction

Performance-based Earthquake Engineering (PBEE) is a very powerful conceptual
framework within which one may conduct rigorous seismic risk analyses and make
objective decisions. These decisions may be related to choosing between alterna-
tive designs, retrofitting options, or rehabilitation strategies, and the decision may
be arrived at following economic, social or environmental considerations, or some
combination of these. Frameworks for PBEE, such as that of the Pacific Earthquake
Engineering Research (PEER) center [6, 8], allow this decision-making process to
be followed in an objective and quantitative manner.

Nonlinear response time-history analyses are an integral component of PBEE
and link the specification of seismic hazard to the response of structures, and to
degrees of damage that they can be expected to sustain. The seismic hazard anal-
ysis is conducted by engineering seismologists, while the response, or seismic
demand, analysis is undertaken by structural earthquake engineers. This partitioning
of responsibilities is both a strength of PBEE and also a potential weakness. It is a
strength because experts can focus upon those things that they know best, but it is a
potential weakness as lack of communication can lead to situations where one party
is making erroneous assumptions regarding what the other is doing. Any potential
lack of communication is easily circumvented, in principle. All that is required is
for engineering seismologists and structural earthquake engineers to work closely
together to ensure that everyone understands the overall objective of the project.
In addition, it is important that people who receive data (such as accelerograms)
downstream understand the assumptions that have been made in generating this
information. The approaches to record selection and modification that are most com-
monly implemented in practice suggest that the ideal situation is not always realized.
This chapter aims to demonstrate this point by focusing upon the manner with which
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aleatory variability of earthquake ground-motion is handled within modern PBEE
frameworks and assessing whether record selection strategies are consistent with the
fundamental assumptions of these frameworks.

5.2 Treatment of Ground-Motion Variability in PBEE

In this chapter, we make use of the increasingly ubiquitous PBEE formulation of
the PEER framework. We do so primarily because it will be familiar to most read-
ers and for the sake of maintaining consistency with previous studies. However, it
should be emphasized that the general concepts that we discuss are not limited to
this particular framework. Irrespective of the adopted framework, the key issue of
how aleatory variability of ground motion is addressed must be considered.

The full PEER PBEE framework can be described mathematically by Eq. (5.1)
[6, 8]:

A(dv):/ / / G (dv|dm) |[dG (dm|edp)| |dG (edp|im)| |dA (im)| (5.1)
dm Jedp Jim

where A(x) denotes the mean annual rate at which the random variable X exceeds
the value x; dv, dm, edp and im denote a decision variable, a damage measure, an
engineering demand parameter, and an intensity measure respectively; and G (y| x)
represents the cumulative conditional distribution function of y given x. However,
for the purposes of the current article, and more generally for record selection,
only two components of the above expression are of interest. Following Cornell
[7] we may state that the objective of PBEE is to estimate “the annual frequency, A,
that an earthquake induces in a particular structure some specified behavior state”.
Mathematically, this objective can be cast as in Eq. (5.2), with the behavior state
being described fully by the edp.

d (im)
dim

A (edp) =[ G(edplim)’ 'dim 5.2)

The two key expressions on the right-hand side of Eq. (5.2) mathematically
represent the roles of structural earthquake engineers and engineering seismolo-
gists in PBEE. The term G (edp|im) represents a fragility function that can be
derived by conducting large numbers of time-history analyses and defines the prob-
ability of exceeding some level of a response measure, edp, given that a ground
motion has a particular value of an intensity measure, im [1]. These functions are
derived by structural earthquake engineers. The second term denotes the slope of
a seismic hazard curve, which is calculated by engineering seismologists, and pro-
vides the mean annual rate at which the intensity measure (approximately) equals a
value im.

Statements are often made that no account for ground-motion variability need be
taken in the fragility analysis as it has already been accounted for in the probabilistic
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seismic hazard analysis (PSHA). However, this statement is not strictly true. The
slope of the hazard curve can be expressed mathematically as in Eq. (5.3):

‘ di (im) |
i=1 i

N
=> v { f fov(im|m, )y r(m, r)dmdr} (5.3)

dim

In Eq. (5.3), N seismic sources are represented and are indexed by i; v; denotes
the mean annual rate at which earthquakes having a magnitude, m, greater than
some minimum value occur; and fys g (m, r) represents the joint probability den-
sity function of combinations of magnitude and distance, r. All of the terms just
defined are taken care of through the development of a seismic source model
and through performing a seismicity analysis. The remaining term, fiv (im|m, r),
is the probability density function (pdf) of an intensity measure given some
earthquake scenario that is represented by magnitude and distance. This pdf is
precisely what an empirical ground-motion model provides; it takes some seis-
mological scenario and returns the pdf of a particular intensity measure for that
scenario.

The above presentation has been labored, but it is essential to clearly understand
what is “taken care of” in terms of aleatory variability of ground motions when a
PSHA is carried out. With the notable exception of Vector-valued PSHA [4], which
is very rarely encountered in practice, PSHA is only ever conducted for a single
spectral ordinate at a time. Therefore, the aleatory variability of ground motion is
only fully accounted for in PBEE if the variability of the single chosen intensity
measure is able to describe all sources of variability in an earthquake record that
could conceivably influence the structural response, as measured by a certain edp.
It will hopefully be clear to the reader that it is extremely unlikely that a scalar
intensity measure can be found for realistic applications that can fully describe
the influence of ground-motion variability upon structural response. To reinforce
this point, Fig. 5.1 shows empirical cumulative distribution functions with fitted
cumulative normal distributions for six different intensity measures. These plots are
generated for a particular scenario corresponding to My = 6 £ 0.1, Ryyp = 50 = 10
km and NEHRP site class C.

In Fig. 5.1 it can clearly be seen that there is significant variability of the inten-
sity measures for this particular scenario. Not only is there a significant amount
of variability in the intensity measures, these measures are generally not strongly
correlated (see Table 5.1) indicating that knowledge of just one distribution is not
sufficient to describe any of the other ground-motion characteristics. Of particu-
lar interest is the correlation between the two relatively closely-spaced spectral
ordinates. While these ordinates are rather strongly correlated, with a correlation
coefficient of 0.84 in this example, it is clear that knowing the nature of Sa(1.0 s)
does not mean that the nature of Sa(1.5 s) is also known. More on this issue will be
said in subsequent sections. For now it suffices to say that if one had a structure with
an initial fundamental period of 1.0 s and nonlinear response was anticipated such
that the spectral acceleration at a period of 1.5 s could influence the response, then
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Fig. 5.1 Empirical cumulative distribution functions of intensity measures consistent with a seis-
mological scenario of My = 6 +0.1, Ryyp = 50 & 10 km and NEHRP site class C. Data comprises
72 records from the NGA database

Table 5.1 Standard deviations of the logarithms of the intensity measures shown in Fig. 5.1 and
the linear correlation coefficients among these intensity measures

Intensity

measure,  Sigma,

™M Oln IM PIM,Sa(1.0s) PIM,Sa(1.5s) PIM,Tp, PIM,I, PIM,Ds_759, PIM,D5_95,
Sa(1.0s) 0.71 1 0.84 0.58 0.51 0.35 0.13
Sa(1.5s) 0.70 0.84 1 0.64 0.44 0.34 0.26

Tm 0.39 0.58 0.64 1 -0.17 0.50 0.45

I, 0.94 0.51 0.44 -0.17 1 -0.07 -0.13
Ds5_759, 0.41 0.35 0.34 0.50 -0.07 1 0.77
Ds_o59, 0.27 0.13 0.26 0.45 -0.13 0.77 1

conducting a PSHA for Sa(1.0 s) would not take care of all of the aleatory variability
of ground motions. In this case, the influential variability of Sa(1.5 s) would not be

fully accounted for.

5.3 Current Approaches to Record Selection

Having now defined the way in which the aleatory variability of ground motions
is incorporated into PBEE, it is appropriate to turn to the current approaches to
record selection that are most commonly encountered in practice. In considering
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these approaches we will be looking to see how consistent their consideration of
ground-motion variability is with the theoretical framework just outlined.

5.3.1 Linear Scaling to Sa(T7)

Shome et al. [13] made the recommendation that earthquake records should first
be screened such that their metadata in terms of magnitude and distance broadly
matched those of a design scenario (found through disaggregation) and should then
be linearly scaled such that their spectral ordinate at the initial fundamental period
of the structure (poorly known as this may be in reality), Sa(T), matched a value
defined from a PSHA.

This approach is perfectly consistent with the framework outlined previously.
Some target value of Sa(7) is defined from a PSHA conducted purely for Sa(77)
and hence the aleatory variability of this parameter is fully accounted for. All
remaining aspects of the variability of the ground motions from the design scenario
are implicitly accounted for by the nature of the records that are then selected.

If this approach was adopted for estimating the response of a linear elastic single
degree-of-freedom (DOF) structure it would be perfect. However, if the structure is
a multiple DOF system or if the structure is expected to undergo nonlinear response
then other attributes of the ground motion will be important. For this reason analy-
ses conducted using this approach can lead to biased estimates of the response by
neglecting the variability of spectral ordinates away from the initial fundamental
period [2, 11]. Figure 5.2 shows that records selected according to this approach
lead to zero variability at the initial fundamental period (as desired, given that this
variability is already accounted for) but that significant variability can exist at other
periods. Note that this variability will result in more records being required in order
to obtain a stable estimate of the median response [13, 10].
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5.3.2 Linear Scaling to a Target Spectrum Over a Period Range

An approach that is often taken with a view to rectifying the shortcomings of the
previous procedure is to select and scale records while constraining their spectral
shape. In this approach, rather than scaling to a single ordinate the spectra are scaled
such that individual spectra have a good fit to some target spectrum over a range of
periods (see middle panel of Fig. 5.2).

In practice, the target spectrum is often taken to be a Uniform Hazard Spectrum
(UHS) or a code spectrum. However, neither of these options are recommended
and would be strongly advised against were they not required by most international
design codes.

In terms of consistency with the treatment of aleatory variability in PBEE the
approach is not as good as linear scaling to Sa(T7) as the variability at the ini-
tial fundamental period is not zero. However, some constraint on the variability
at other periods is gained through consideration of the spectral shape. In addition,
by accounting for spectral shape the possibility of introducing bias in the response
through scaling is minimized [11, 10].

The most theoretically consistent approach to implementing this method is where
the target spectrum is defined as a Conditional Mean Spectrum (CMS) [2]. The
definition of the CMS implicitly accounts for the correlations that exist among
spectral ordinates at different periods (see Table 5.1) but requires empirical mod-
els for these correlations [3]. By accounting for these correlations the approach
becomes essentially the same as VPSHA, if the hazard is strongly dominated by
a single scenario. However, even with the CMS as a target spectrum, the variability
at Sa(T) remains non-zero and is hence not perfectly consistent with the theoretical
framework.

Despite this fact, the use of the CMS is currently regarded as being the optimal
approach to record selection when the engineering demand parameter of interest is
a peak response measure such as peak interstorey drift [12]. It must be noted, how-
ever, that the use of the CMS will not explicitly account for the correlations among
spectral ordinates and other intensity measures such as duration. However, such rela-
tionships may be implicitly accounted for through initial screening of records on the
basis of magnitude and distance. If these other intensity measures are influential for
the response then this approach will suffer from similar shortcomings as the use of
linear scaling to 77 (but to a lesser extent).

5.3.3 Linear Scaling and Spectrum Matching

An extension of the previous approach is to select and scale records such that their
spectra have a good approximation to the target over a range of periods, but to
then modify these records using a spectrum matching approach to maximize the
agreement between the records and the target (e.g. Hancock et al. [9]). This approach
is more consistent with the theoretical framework than linearly scaling over a period
range as the variability that remains at Sa(7) is minimized (although it is generally
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still not zero). This approach also shares the advantages of not leading to biased
estimates through taking account of the spectral shape [10]. However, this approach
has been shown to introduce a small systematic bias when used for near-source
earthquake scenarios that can result in pulse-like motions [5].

The major drawback of this approach is that the natural correlations among spec-
tral ordinates are not retained (or at least, the correlations may still be correct, but the
absolute magnitude of the fluctuations of spectral ordinates from period-to-period
are lost). The result is that while the accelerograms may still look realistic in the
time domain they clearly do not resemble real earthquake records when viewed as
response spectra (see right panel of Fig. 5.2).

The main concern regarding spectrum matching arises when it comes to develop-
ing fragility curves rather than simply estimating the median response. The objective
of fragility curves is to define the conditional variability of a response parame-
ter given some intensity measure. Although it has not been formally proven, it is
reasonable to assert that spectrum matching approaches suppress the natural peak-
to-trough variability to the extent that the conditional variability in response is
underestimated.

5.4 Implications for Record Selection

The preceding sections have highlighted the fact that the only record selection
approach, of those commonly implemented in practice, which is entirely consis-
tent with the theoretical framework of PBEE is that of selecting records that have
properties consistent with a design scenario before linearly scaling them such that
the variability of an intensity measure is zero. In the present article the example that
has been shown is that most used in practice and concerns scaling to a target value
of Sa(T1). However, studies such as those of Luco and Bazzurro [11], Hancock et al.
[10] and the PEER Ground Motion Selection and Modification Working Group [12]
have demonstrated that this approach is relatively inefficient and leads to large num-
bers of time-history analyses being performed. These studies also suggest that the
optimal approaches in terms of reducing the numbers of required records are those
that select records while accounting for spectral shape and then apply spectrum
matching.

The implications in terms of estimating the median structural response are fairly
clear in light of the recent studies just referred to. One should sacrifice a small
degree of theoretical rigor in place of practical efficiency and should scale and match
to a CMS when aiming to predict peak structural response measures. However,
the implications for estimating the distribution of response (and hence developing
accurate fragility curves) are less clear. PBEE frameworks rely heavily upon ensur-
ing that aleatory variability is propagated from step to step throughout the overall
process. From the preceding discussions it appears that the optimal approaches for
estimating the median response will not remain optimal when attempting to estimate
the conditional distribution of response. The issue of greatest importance appears
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to be associated with trying to retain an appropriate degree of peak-to-trough
variability in the selected and modified records.

It seems clear that some degree of peak-to-trough variability must be retained in
the records in order to ensure that the conditional distribution of response (fragility
curves) are robustly defined. A comprehensive series of computationally intensive
analyses must be undertaken in order to try to develop guidelines regarding how to
best incorporate this peak-to-trough variability into time history analyses. However,
for now it is still possible to speculate as to what sort of magnitude this variability
should have and when or how it might be incorporated.

Figure 5.3 shows a measure of peak-to-trough variability, opt, calculated by com-
puting the standard deviation of the logarithm of spectral ordinates over a number of
records and over a range of response periods defined by the “bandwidth”. The range
of periods is defined by first identifying some central period and then dividing and
multiplying this period by the bandwidth in order to obtain the minimum and max-
imum periods of the range. This bandwidth reflects the degree of nonlinearity that
is to be expected from the structural response as well as the contribution of higher
mode effects. The greater the contribution of these effects, the larger the bandwidth.
If a suitably large number of records are considered, the peak-to-trough variability
tends to stabilize around a value of around 0.2 in natural logarithmic units as the
bandwidth increases. For near-linear response this value is closer to zero (see left
panel of Fig. 5.3).

Given the observations of Fig. 5.3 it may be that values of opr can be defined
in a systematic way. Once such values are defined there may be two options for
accounting for this in PBEE. One approach may be to use a spectrum matching
based approach and to later “add-in” the missing peak-to-trough variability, that is,
to inflate the variance of the structural response using some correction factor. We
do not propose a formal mechanism for doing this here. The other option could
be to select suites of records that have an appropriate amount of peak-to-trough
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variability. This variability might be achieved simply through careful selection, but
could also be accounted for by using spectrum matching with a relatively high tol-
erance for the match. In this latter case one could obtain the correct general shape
while also constraining the variability. These latter approaches are more straightfor-
ward, but are likely to be less efficient. However, before any firm recommendations
can be made a comprehensive analysis must be undertaken that is well beyond of
the scope of this brief contribution.

5.5 Conclusions

PBEE is strongly dependent upon the execution of response time-history analy-
ses. However, the most popular current recommendations for selection and scaling
of accelerograms do not strictly adhere to the theoretical framework of PBEE.
This chapter has discussed this issue and suggests that, when attempting to
estimate the median structural response, this inconsistency is not particularly impor-
tant. Further work must be undertaken to understand whether approaches such
as spectrum matching lead to under-estimates of the variance of the conditional
distributions of response (fragility curves). The fact that these approaches sup-
press the natural peak-to-trough variability suggests that under-estimates will be
obtained.
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Chapter 6

Long-Period Earthquake Ground Motion:
Recent Advances and Observations from the
April 6 2009, M,6.3 L’ Aquila Earthquake, Italy

Roberto Paolucci

6.1 Introduction

The spread of performance-based design approaches, together with the fast increase
of digitally recorded strong-motion (SM) accelerations worldwide, has promoted a
growing interest in the determination of displacement spectra for design, the relia-
bility of which has been traditionally limited to structural periods of maximum 3 to
4 s, especially due to long-period noise affecting analog instruments.

In the early years of this decade, to overcome the lack of a sufficiently extended
set of reliable digital SM records, Faccioli et al. [8] (2004) proposed analytical
displacement spectral shapes, simply based on the following ingredients:

(i) a theoretical prediction equation of peak ground displacement, dpax, based on
a classical model of the seismic source, which, in its simplest expression, takes
the form:

logo dmax = —4.3 + Mw — log o r (6.1)

where dpax 1S in cm, My, = moment magnitude and » = hypocentral distance
(km);

(i) an empirical relationship between My, and the period 7 of the largest velocity
pulse of recorded ground motion, which, as proposed by Somerville [13], takes
the form:

logy T = —3.17 + 0.5Mw; (6.2)

(iii) the analytical expression of the displacement response spectrum of simple
acceleration pulses of period t.
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In the following years, such theoretical developments were supported by an
ever increasing number of high quality digital records, especially coming from the
Japanese K-Net (www.k-net.bosai.go.jp) and Kik-net (www.kik.bosai.go.jp) strong
motion networks and from other world regions as well. After setting up a worldwide
digital SM dataset consisting of about 1,200 three-components records, Cauzzi and
Faccioli [5] calibrated a broadband, up to 20 s, empirical prediction equation of dis-
placement spectral ordinates, which proved to yield reliable results upon validation
against a number of recent earthquakes, including the one of L’ Aquila, that will be
dealt with in the sequel.

A common objection to calibration of empirical predicting tools for long period
ground motion is that, even for high quality digital records, reliable displacement
traces cannot be generally retrieved through simple double integration of the uncor-
rected accelerations. An answer to this objection has been given by a growing
number of recent studies, starting from Boore [3], which have pointed out that the
long-period spectral ordinates of digital accelerograms depend only weakly on the
adopted baseline correction (BC) procedures, in contrast to the dramatic effect of
the latter on the displacement waveforms. Even more pervasive for this purpose has
been the evidence, pointed out by Wang et al. [15] and Paolucci et al. [12], that spec-
tral ordinates calculated from co-located SM and broadband (BB) records coincide
up to at least 10 s. Furthermore, differences are still practically negligible up to 20—
30 s. One of the most significant examples of comparison of response spectra from
available co-located records is shown in Fig. 6.1, referring to the 1997 Michoacan
earthquake (Mw7.1, r ~ 150 km) recorded in Zihuatanejo by the Mexican National
Seismological Survey (www.ssn.unam.mx). Since the digital SM record was dis-
turbed by a complicated baseline drift, it was not possible to find a suitable BC
procedure to obtain a de-trended displacement trace without high-pass filtering.
Nevertheless, the coincidence of the SM and BB spectra, up to at least 7 = 10 s,
clearly points out the negligible influence of the trend of the displacement trace on
the spectral ordinates of practical significance.

5% Spectral displacement
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----- BB pre-event BC
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Fig. 6.1 Comparison of velocity and displacement time histories (/eff) and 5% damped displace-
ment response spectra (right) obtained at Zihuatanejo, Mexico, during the Michoacan earthquake
of January 11, 1997 (Mw7.1, r~150 km), by a strong motion (SM) accelerogram and by a
broadband (BB) velocity meter. From Paolucci et al. [12]
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These studies suggest that response spectra from digital records are reliable up
to periods much longer than usually thought. Furthermore, the common technique
of high-pass filtering the digital acceleration record from a cut-off period selected to
avoid baseline drifts on the displacement traces appears to be in most cases too con-
servative and unduly depletes reliable information on long period spectral ordinates.
However, the limited amount of data supporting this suggestion, and the difficulty
in objectively determining the error with respect to unknown noise-free spectral
ordinates, has restricted so far the potential impact of such observations.

To overcome these limitations, and to provide an objective and simple criterion
for selecting reliable digital strong motion records, Paolucci et al. [12] used syn-
thetic accelerograms contaminated by random long period noise to quantify the
difference between the original accelerograms and the spurious ones in terms of
response spectra. A noise index was introduced calculated from the uncorrected
velocity trace of the record that was correlated with the probability of exceedance
of a given level of error, in terms of response spectral ordinates at long periods. A
similar approach was used by Akkar and Boore [1] as well, who reached the similar
conclusion that, referring to digital SM records: “the elastic spectra from the most
basic processing, in which only the pre-event mean is removed from the accelera-
tion time series, do not diverge from the baseline-corrected spectra until periods of
10-20 s (...), implying that for many engineering purposes elastic spectra can be
used from records with no baseline correction or filtering”.

The previous advances to assess the reliability of long period response spectral
ordinates and to calibrate up-to-date empirical prediction tools have recently led to
the formulation of the new seismic hazard maps at long periods in Italy [9].

Further advances have been recently presented for quantification of site effects
at long periods, e.g., by Manou et al. [11], Cauzzi and Faccioli [5] and Figini and
Paolucci [10]. Trying to provide physical explanations of the observed long-period
amplification factors for several Kik-net records, the latter work concludes that 1D
soil models do not explain in general relevant site amplification effects at long peri-
ods, except for very soft soil conditions, and that the observed amplification levels at
long periods are likely to be attributed to the effects related to more complex geolog-
ical structures, such as deep and spatially extended alluvial basins. As will be shown
later on, this observation is one of the keys to justify long period amplification of
ground motion during the L’ Aquila earthquake.

6.2 Near-Fault Strong Motion Records from the My, 6.3 April 6
2009 L’Aquila Earthquake: Observations at Long Periods

During the night of April 6 2009, a My, 6.3 earthquake struck the Abruzzi region and
the whole Central Italy, causing about 300 deaths and vast destruction in the town
and surroundings of L’ Aquila, one of the largest urban centers in Central Italy, with
about 80,000 inhabitants. As most of the largest earthquakes in the Italian Central
and Southern Apennines, this was caused by a normal fault rupture, the epicenter of
which was less than 5 km SW of the town center (Fig. 6.2).
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4y

Fig. 6.2 (a) and (b) Geological sketch of L’Aquila, and location of the strong motion stations.
The earthquake epicenter lies close to the bortom-left corner of figure (a). (¢) Cross-hole Vs profile
at AQYV, available at the ITACA Italian strong motion database website

6.2.1 Geological Setting and Available Strong Motion Stations

L’Aquila lies on a fluvial terrace, some tens of m thick, consisting of calcareous
breccias and conglomerates with limestone boulders and clasts in a marly matrix.
The terrace lies on top of lacustrine sediments, mainly consisting of silty and sandy
layers and minor gravel beds [7]. As shown in Fig. 6.2, the terrace is at the left bank
of the Aterno river valley, which flows about 50 m below downtown L’ Aquila.

A strong-motion array consisting of six stations was installed in 2001 by the
National Department of Civil Protection (DPC) across the upper Aterno valley
(Fig. 6.2). Recordings from this array, together with the AQK station located close
to downtown L’ Aquila (Fig. 6.2b), provide a near-fault strong-motion data set never
recorded to date in Italy for events with M > 5, and one of the few ones worldwide.
The data set has been integrated in the new Italian strong motion database ITACA
(ITalian ACcelerometric Archive), available at http://itaca.mi.ingv.it.

For the single station AQV, located at the center of the valley, a cross-hole Vs
profile is available (Fig. 6.2c). An alternation of gravels and sands, with average Vs
~ 500 m/s, is present down to a depth of 47 m, where bedrock is found. In con-
trast, according to the available geological surveys, the lacustrine sediments reach
their maximum thickness (around 250 m) below the center of L’ Aquila [7], roughly
corresponding to station AQK.
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Owing to malfunctioning of the power supply, stations AQF and AQP of the
network did not trigger during the main shock, while station AQM, set to 1 g full-
scale, saturated although installed on outcropping rock. The reliability of the latter
record is presently under investigation.

6.2.2 Observed Earthquake Ground Motion

Referring to Ameri et al. [2] for a more thorough presentation of the L’ Aquila SM
data, the attention is limited here to the long-period part of the observed ground
motion. For this purpose, horizontal and vertical time series of velocity and dis-
placement obtained at the array sites (AQG, AQA, AQV) and at AQK during the
main shock are shown in Figs. 6.3 and 6.4, respectively. To avoid the onset of spu-
rious arrivals in the displacement waveforms from acausal high-pass filtering and to
possibly recover reliable permanent displacements via double integration of accel-
erations, records were processed by a baseline correction technique, consisting of
least-squares fitting the velocity time-histories by three consecutive line segments,
and removing them from the velocity itself [3]. As shown in Fig. 6.4, coherent
displacement time series are obtained, especially along the Aterno river transept,
showing a downwards permanent displacement in the SE direction, in agreement
with the GPS-based findings by Cirella et al. [6].
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Fig. 6.3 Velocity time histories recorded at the array sites (AQG, AQA, AQV) and AQK: NS
component (left panel), EW component (centre) and UP component (right)
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Fig. 6.4 Displacement time histories obtained at the array sites (AQG, AQA, AQV) and AQK: NS
component (left panel), EW component (centre) and UP component (right)

Ground motion velocity pulses are present at all the array records, and, to a larger
extent, at AQK, where long period ground motion is likely the combined effect of
the seismic source radiation and the interaction with the deep lacustrine sediments
of the Aterno valley, addressed to in the previous section.

To investigate in more detail the source-related effects on the L’ Aquila records,
the ground motion has been decomposed into its strike normal (SN) and strike par-
allel (SP) components, assuming a 147° fault strike angle, whence the predominant
period Tsn and Tsp of the main velocity pulses, along with the corresponding peak
ground velocities (PGV), were calculated. Results are summarized in Table 6.1,
showing Tsn around 1.0 s for stations AQA, AQG and AQV, and increasing signifi-
cantly up to about 1.5 s for station AQK. Note that Eq. (6.2) gives Tsy = 0.95 s for
M,, = 6.3, in very good agreement with the array stations.

Table 6.1 Observed values of the period of the strike normal (SN) and strike parallel (SP) largest
velocity pulse, along with the corresponding PGV

AQG AQV AQA AQK
Ty (s) 1.10 0.90 1 1.55
Tsp (5) 0.78 0.80 0.7 1.30
PGVgn (cm/s) 34.8 40.7 32.6 44.7

PGVsp (cm/s) 28.2 31.6 21.0 20.5
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The ratio Tsp/TsN is about 0.75, in agreement with similar observations from
other worldwide earthquakes recorded in near-fault. Observed PGVs from 30 to
40 cm/s in the SN and from 20 to 30 cm/s in the SP directions are also in rea-
sonable agreement with available empirical prediction equations (e.g., Bray and
Rodriguez-Marek [4]). Note that all records show a predominant velocity peak in
the SN direction.

6.2.3 Displacement Response Spectra

Elastic 5%-damped displacement response spectra of the recorded ground motion
were calculated for the SN and SP components and compared in Fig. 6.5 to the the-
oretical displacement response spectrum according to Faccioli et al. [8], using the
values dpax = 0.1 m and T = 0.95 s obtained according to Egs. (6.1) and (6.2) for
M,=6.3 and r = 10 km. For simplicity, the Aterno valley spectra are plotted in terms
of average values for both components. There is a striking similarity of theoretical
and observed spectral ordinates, both in terms of shape and values, showing that
long period ground motion recorded in L’ Aquila is close to the expectations based
on simple physical considerations. Due to the location of the hypocenter and of the
seismic fault with respect to the stations (see e.g. Ameri et al. [2]), the effect of direc-
tivity on recorded ground motion at stations considered in this paper is likely not
relevant. The focal mechanism effect is more relevant, with a significant difference
between SN and SP components.

It is not clear yet why such difference of SN and SP ground motion is so mag-
nified at station AQK, as it is apparent from Fig. 6.5. Most likely, the AQK record
is affected by a complex coupling of the source mechanism and the deep structure
of the Aterno basin, where the lacustrine sediments reach around 250 m depth right
underneath L’ Aquila, as previously mentioned. Although numerical simulations of
near-fault seismic wave propagation in such complex geological environments is
still demanding (see e.g. Stupazzini et al., [14]), as it requires 3D numerical models
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Fig. 6.5 Comparison of 5% damped displacement response spectra along the SN and SP compo-
nents. Gray continuous lines: station AQK. Dashed lines: average spectra of the Aterno river array
stations. Black continuous line: analytical pulse according to Faccioli et al. [8], for M,=6.3 and
r=10km
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and computational tools, they are expected to shed light on this important effect on
earthquake ground motion, that may play a major role in some of the most active
seismic areas in Central and Southern Italy.

As a matter of fact, intra-mountain grabens filled by lacustrine sediments are
a typical surface expression of the extensional tectonic regime that dominates the
seismic activity in Central/Southern Italy along the Apennines chain. Besides the
Aterno valley referred to in this paper, there are many examples of such basins, as
shown in Fig. 6.6, that, due to their tectonic origin, lie in the vicinity of one or more
active seismic faults. Before the L’ Aquila earthquake, the best documented case is
the one of Avezzano and the Fucino plain that was the greatest lake in Central Italy
before being completely drained at the end of the nineteenth century. In 1915, a
M7 earthquake struck the area, causing more than 30,000 deaths in Avezzano and
surrounding villages, with consequences probably strongly magnified by the basin-
induced ground motion amplification. In all basins illustrated in Fig. 6.6 strong
motion records show long period ground motion amplification at around 2-3 s, sim-
ilarly to what is clearly pointed out by the AQK spectrum in Fig. 6.5. The analysis of
such records, together with 3D numerical simulations using the high-performance
spectral element code GeoELSE (http://geoelse.stru.polimi.it), are presently under
way. A proposal to account for complex site effects in practice, with special
emphasis on long periods, can be found in Faccioli et al. (see Chapter 1, this
volume).

Finally, Fig. 6.7 compares the displacement response spectra of horizontal
records with the design spectra prescribed by the Italian Technical Norms for
buildings (NTCOS8) and by Eurocode 8 (ECS), where Peak Ground Acceleration was

W :? \

Fig. 6.6 Examples of closed-shape deep alluvial basins in Central Italy, related to an extensional
tectonic regime
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Fig. 6.7 Comparison of the 5% damped observed displacement response (H components) spectra
with the design spectra prescribed by the European (EC8) and Italian (NTCO08) seismic norms

anchored to the value assigned for L’ Aquila by the Italian seismic hazard map for
probability of exceedance of 10% in 50 years. Although observed spectral displace-
ments are reasonably well delimited both by the NTC08 and EC8 design spectra, it
is worth noting that displacement spectra for design deserve further improvements,
both in terms of shape and of absolute values, based on the knowledge and findings
of the last few years summarized in this paper.
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Chapter 7
Uncertainty in Nonlinear SDoF Response Due
to Long-Period Noise of Accelerograms

Sinan Akkar, Polat Giilkan, and Ozkan Kale

7.1 Introduction

The nonlinear response of structures has been the subject of research for many
years, because most structural systems are expected to behave in the post-elastic
range under severe seismic action. With advances in displacement-based design
and assessment procedures, significant amount of studies in this field have focused
on calculating the expected peak nonlinear deformation demands on oscillators
(inelastic spectral displacements, SDig). Recently, the estimation of SDg has been
upgraded to more sophisticated prediction equations in the sense that they account
for a more complete suite of seismological estimator parameters for their effects on
nonlinear SDoF response (e.g., [9]). These equations have similar formats to those
implemented in the conventional ground-motion prediction equations (GMPEs).

The continuous developments in the SDig predictive models bring forward the
reliability of long-period content of strong motions because recent studies (e.g.,
[3]) have shown that the uncertainty in the long-period ground-motion components
can be a serious limitation for nonlinear oscillator response. The major source of
this uncertainty stems from the inherent long-period noise embedded in the strong-
motion records. Figure 7.1 shows an example to demonstrate this effect. It presents
the variations of elastic (SDg) and inelastic spectral displacements (left and right
panels, respectively) of a record that is subjected to a set of different data process-
ing schemes to remove the existing long-period noise. The dispersion (scatter about
the mean spectral curve defined by the solid black line) is more prominent in SDig
and commences at relatively shorter vibration periods when compared to the corre-
sponding deviations in SDg. Thus, the uncertainty in the long-period ground-motion
components is magnified more by nonlinear oscillators with respect to their linear
counterparts.
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Fig. 7.1 Elastic (left panel) and inelastic (right panel) spectral displacements (gray curves) of
a digital record subjected to different data processing schemes to remove the long-period noise.
Inelastic spectra are calculated for elastoplastic hysteretic behavior with a normalized strength ratio
of R = 4. Black solid lines show the mean of spectral displacements computed for each processing
scheme (Modified from Akkar and Boore 2009 [3])

The influence of long-period noise and high-pass filtering (widely used data pro-
cessing tool for removing the long-period noise) on reliable SDg calculations has
been discussed in various studies (e.g., [1, 7, 2]). These have revealed practical
guidance for determining spectral bands where the peculiarities in elastic spectral
response due to high-pass filtering can be disregarded. To the best of our knowl-
edge, this discussion has not been extended systematically for variations in SDjg.
[Few studies showed how different filtering techniques might affect the nonlinear
oscillator displacements (e.g., [6, 5]) but none of them has gone into the details of
interaction between high-pass filter cut-offs and SDig]. This chapter contributes to
this discussion by investigating the influence of high-pass filter cut-offs (7¢) on the
nonlinear spectral and residual displacements. The latter parameter is used to vali-
date our SDig-based observations for another nonlinear SDoF deformation quantity.
Moreover, the residual displacement spectrum [8] has recently become an impor-
tant deformation demand index for verifying the seismic performance of buildings.
Random sets of T, are generated in this paper for a suite of ground motions to
represent the likely variation in the choice of this parameter while removing the
long-period noise. SDjg and SDg are calculated then for two commonly used inelas-
tic spectrum types: the constant-strength (R) and constant-ductility (u) spectra to
observe whether the level of uncertainty in SDig and SDgr changes due to the
conceptual differences in the calculations of these two spectra. Bilinear hysteretic
models are preferred in the spectral calculations to minimize the interference of sec-
ondary structural parameters on the probability calculations. Magnitude and level of
inelasticity (for different R or p values) that contribute to the dispersion in SDjg and
SDg are also investigated within the context of the study for a complete picture of
shortfalls invoked by high-pass filtering. In the final part of the article, usable spec-
tral period ranges are derived, based on robust probabilistic methods where the risk
of unreliable SDig due to high-pass filtering is below a certain level. The results
and discussions of this paper are useful for the improvements of nonlinear spec-
tral displacement GMPEs. The discussions may also be important to understand the
limitations of high-pass filtered records for their implementation in the nonlinear
response history analysis of long-period structural systems.
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7.2 Strong Motion Data

The ground-motion data used comprises analog and digital records compiled from
the Turkish strong-motion database.! A total of 528 records with source-to-site dis-
tances less than 200 km were subdivided into different magnitude bins (Fig. 7.2)
to quantify the role of this seismological parameter on the uncertainty of SDig
induced by the variations in high-pass filter cut-offs. The entire dataset is com-
posed of NEHRP C and D type records with V g3p ranging between 360 m/s <
Vs30 < 760 m/s and 180 m/s < Vs3g < 360 m/s, respectively. Thus, observations
about the variations in SDig and SDR stemming from the uncertainty imposed by 7¢
are constrained for site class contribution. This limitation could be important, since
the soil profile can seriously modify the frequency content of ground motions. The
records are mainly from strike-slip and normal faults. The effects of faulting style
and source-to-site distance on the uncertainty of SDg and SDr due to high-pass
filtering are not considered.
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Fig. 7.2 Distribution of ground-motion data in terms of moment magnitude (My,) and distance
(Rjp, closest distance between the station and the horizontal projection of the ruptured fault sur-
face). Different scatter symbols denote analog and digital accelerograms recorded at NEHRP C
and D type site class. Magnitude bins are 4 < My, <5 (digital), 5 < My, < 6 (analog and digital)
and My, > 6 (analog and digital). The scarce data at short distances and My, > 6 resulted in uneven
My, bins in terms of analog and digital recordings

7.3 Uncertainty in Nonlinear SDoF Deformation Demands
Caused by High-Pass Filtering

In this section, the methodology for generating the random high-pass filter cut-offs
is first described. Next observations are presented about the contributions of magni-
tude, inelasticity level, recording quality and p vs. R difference to the uncertainties

IThe database compilation is carried out under the framework of the project entitled “Compilation
of Turkish strong-motion network according to the international standards.” This collaborative
project is supported by the Scientific and Technical Research Council of Turkey.
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in SDig and SDR that are due to the randomness of T.. The post-yield stiffness
ratio, «, is set as 3% in all nonlinear spectral calculations.

The variations in high-pass filtering (to echo the views of different researchers)
are accounted for by the random generation of 7, values. An optimum high-pass
filter cut-off (fc,opt) was determined for every record in the dataset through a method-
ology that considers magnitude-dependent frequency domain features of ground
motions [2]. In brief, the procedure requires the high-pass filtered records to decay
proportional to f2 gradient at the low frequencies (long periods), because this is
justifiable in terms of theoretical source spectrum behavior and it advocates mini-
mum interference of high-pass filtering to long-period ground-motion components.
The random generation of high-pass filters was achieved by considering fc op¢ and
the magnitude dependent theoretical corner frequency (f;) of Atkinson and Silva
[4] source spectrum that controls the size of the finite fault during the rupture pro-
cess. For each magnitude cluster, (a) the minimum and maximum fe op/fa ratios are
determined, and (b) the corresponding minimum and maximum high-pass filter cut-
offs (femin and fcmax) are computed by multiplying the minimum and maximum
Jeopt/fa with the f; belonging to each record in the considered bin.? High-pass filter
cut-offs are termed as “severe” and “relaxed” (fcsvr and f nx, respectively) when
the randomly generated filter values fall within the fi—fc max and fa—fc min intervals,
respectively. Severe filtering represents the conservative approach in data process-
ing for long-period noise. Relaxed filtering simulates more tolerable analyses in
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fomin FKW IT_| fomax
I c,opt a |
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Fig. 7.3 Determination of random “relaxed” and “severe” high-pass filter cut-offs. Relaxed fil-
tering values tend towards the lower-end of frequency domain, thus removing relatively lesser
frequency components with respect to severe filtering. The long-period (low-frequency) com-
ponents of almost all of the filtered acceleration time series decay faster than the f2 gradient,
suggesting the consistency of the present random generation procedure with the theoretical
behavior

2Frequency (f) and period (7) terms are used in an interchangeable manner in this narrative. For
example, the reciprocal of T¢ is f; and vice versa.
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high-pass filter cut-off choices. The random generation of filter cut-offs follows
uniform distribution with Latin Hypercube sampling method. The number of T,
values generated for the relaxed and severe filtering is 30 and 40, respectively. The
unequal number of filter-cut offs is due to the uneven bandwidths of f,—fc max and fo—
Je.min intervals: the bandwidth of severe filtering interval is larger with respect to the
relaxed filtering and it requires more filter cut-off values to cover the entire fo—fc max
range. An example for the generation of high-pass filter cut-offs for an arbitrary
record in our database is given in Fig. 7.3. The procedure is illustrated using Fourier
acceleration spectrum (FAS) for a better visualization of the discussion above.
Figure 7.4 shows the scatter plots of some selected cases to emphasize the sig-
nificance of magnitude, inelasticity level, u and R difference as well as analog vs.
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Fig. 7.4 Selected cases from different site class and distance intervals to emphasize the influence
of (a) magnitude, (b) inelasticity level and (¢) w vs. R difference on the dispersive behavior of
nonlinear oscillator demands due to high-pass filter cut-offs
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digital record quality on the reliability of nonlinear oscillator deformations that is
affected by the variations in high-pass filter values. The scatter in Fig. 7.4a indicates
that the dispersion in nonlinear deformation demands is larger for small magnitude
events. The increase in vibration period (left panel vs. right panel) also increases
the sensitivity of nonlinear deformation demands to the variations in 7¢. The signif-
icance of inelasticity level on nonlinear deformation uncertainty is emphasized in
Fig. 7.4b. As the level of inelasticity increases from R = 2 to R = 6, the dispersion
in SDgR increases for the source-to-site distance range considered here. In the light
of nonlinear response of oscillators, this observation is expected as higher inelastic-
ity level would result in longer period shifts causing the prominence of high-pass
filter cut-offs. (Note that the data in Fig. 7.4b are subdivided into different distance
bins for a better illustration of the observations). As depicted in Fig. 7.4c constant
ductility (left panel) and constant strength (right panel) spectra would be equally
influenced from variations in high-pass filter cut-offs. Note that the recording quality
(analog vs. digital) is important for reducing the uncertainty in nonlinear deforma-
tions due to high-pass filtering. The dispersion pertaining to analog records is higher
with respect to those of digital accelerograms for all cases presented in Fig. 7.4.

7.4 Spectral Period Ranges for the Minimum Influence
of High-Pass Filtering

In order to quantify the level of reliability in SDg, period-dependent probability
distributions are used for spectral points resulting from the pre-determined 7, values
of each record in the database. Given a constant ductility or normalized strength, let
Wspy be the average spectrum of all nonlinear spectral curves of an accelerogram
due to the implementation of pre-determined high-pass filter cut-offs (Fig. 7.5). For
a given vibration period, the probability of spectral points falling into an interval
WsD F X Ispy 1S calculated, with the fractional factor x taking values less than 1.
Note that when the calculated probability attains a high value, it is an indication of
almost all spectral points falling within the interval defined by wsp; F x L spyg- This
concept is presented on the left panel in Fig. 7.6. When this methodology is repeated
for a large range of vibration periods, one can obtain the probability curves for each
WsDie F X WsDy interval. A typical set of such probability curves is displayed on the
right panel of Fig. 7.6 for the case presented in Fig. 7.5. The fraction x is chosen as
0.05, 0.1, 0.15 and 0.2 for all vibration periods and these constants are also kept the
same for the entire probability calculations in this chapter.

When the dispersion at 7 = 0.6 s and T = 3.0 s (Fig. 7.5) is compared with
the probability curves in Fig. 7.6, one realizes that higher dispersion in 7= 3.0 s
is associated with the decaying portion of probabilities at any x level. Such decay
in the probability curves would suggest low levels of reliability for SDig. Thus for
this particular case one may speculate that high-pass filtering interferes with the
nonlinear oscillator response for 7> 2.5 s (where the decay in the probability curves
is steep), and use of SDyg at vibration periods longer than 7 = 2.5 s might result
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Fig. 7.5 Nonlinear constant strength (R = 6) displacement spectra of the record whose high-pass
filter cut-offs are determined through the methodology in Fig. 7.3. The SDig curves are due to the
implementation of relaxed filter cut-offs to the concerned accelerogram. The black solid line is
the mean variation of all SDig curves (spy;). As discussed in Fig. 7.4a, the dispersion in SDig
(described by the scatter about |sp;) increases with increasing vibration period. (Compare the
divergence of spectral curves about pspy; at 7= 0.6 s and 7' = 3.0 s). This behavior suggests a
decrease in the reliability of SDjg after a certain vibration period. The reason for the decreased
reliability (increased uncertainty) in SDig towards longer vibration periods is the pronounced
interaction between the filter cut-offs and nonlinear oscillator response that is magnified further
with different high-pass filter cut-offs. Though not shown here for space limitations, the dispersive
behavior of SDjg is more prominent in the severe high-pass filtering case since those filter cut-offs
would remove relatively larger amounts of long-period components to emphasize the filter cut-off
influence more on the nonlinear oscillator response
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Fig. 7.6 Left panel: Illustration of the probability distribution of SDig values about psp,; fora
given vibration period. The gray shaded region is the probability of spectral points falling into an
interval pspy F X Wspys- Right panel: Probability curves of different x for the case presented in
Fig. 7.5. They are computed by applying the presented probability concept (left panel) for a large
range of periods

in erroneous conclusions on the nonlinear deformation demands. Use of larger x
results in a more gradual decay in the probability curves (compare x = 0.2 and
x = 0.05 curves). However, their gradients are approximately the same revealing
a similar assessment about the range of spectral periods where high-pass filtering
starts dominating the nonlinear oscillator response.



S. Akkar et al.

76

91T 91 W vI°l 8¢l 86'¢ ¥8°0 SLO1 06'1 9=y
4 181 69’1 1€l oL¥1 ser L60 el €1 v=¥
A7 LTT §ST €€l 9L’LI 86 LI1 6TEl 80T =¥
€9C w61 1S°1 €1l zeel 96'¢ 9L°0 L9°01 Sl 9=
06'C 881 10T 91’ 90°61 9t 60 1zl 88l p=n
1487 €T €8T 171 6891 S4S vl 96Tl L0T =1
209 §ST €9°¢ 59’1 90'1C (4959 9¢'T 1961 08T  onselg
9<M| 9> "“I>¢ 9<MW 9>"“I>¢ 9<MW 9>"“I>G MWy o< 93>S
[eNsIq Soreuy esIq Soreuy

SULI9NY 210AQS

ULy paxe[oy

parpdde are er10)1I0 FuLIA) Y
QIOAdS PUB PAXB[AI UAYM SPIOJAI [RISIp pue Soreue Joy HIS yuans pue AINonp jueisuod 10y sporrad uoneiqia pasodoid |-z dqeL



7 Uncertainty in Nonlinear SDoF Response 71

Table 7.1 lists the spectral periods determined from the mean probability curves
that are computed by the application of above concept to each magnitude cluster
considered in this study. The periods are determined for analog and digital records
per discussions in Fig. 7.4. Confined to the rationale in our methodology the relia-
bility of SDig will not be affected by the chosen high-pass filter cut-off within the
spectral bands bounded by these periods. The spectral period ranges are based on
a probability of Pr(uspy — xuspr < SDIE < uspg + xispg) = 80%. The
choice of this probability level was an arbitrary decision. However, for most cases,
the decay in the probability curves becomes steep in the vicinity of this probability
level giving an indication for the significant interference between high-pass filter-
ing and nonlinear oscillator response. Consequence of this argument was to choose
this probability level in the present methodology. A usable spectral period range for
small magnitude (4 < M,, < 5) analog records cannot be recommended, due to the
insufficient data to derive meaningful statistics.

To verify the consistency of the proposed methodology, usable period ranges for
elastic oscillator response are also derived and compared with the results of similar
studies in the literature. The recommended period values for elastic response are
given in Table 7.1. The corresponding comparisons are presented in Fig. 7.7. The
scatter in this figure suggests a fairly good comparison between the present recom-
mendations and the ones suggested by previous studies in particular for relaxed
filtering criterion. This observation may be an indication of the stability of our
proposed methodology. Note the discrepancy between the usable spectral periods
of elastic and nonlinear response in Table 7.1 that emphasizes the importance of
high-pass filter cut-off influence on nonlinear SDoF deformations.
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Fig. 7.7 Usable spectral periods of this study for elastic response and their comparisons with other
recommendations in the literature

7.5 Summary and Conclusions

The uncertainty in the nonlinear oscillator deformations due to existing long-period
noise in the accelerograms has been explored. The present analyses reveal that the
variations in high-pass filter cut-offs that are used for removing the long-period
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noise introduce significant dispersion to the nonlinear deformation demands. The
level of uncertainty depends primarily on the variations in magnitude, level of
inelasticity and recording quality (i.e. analog vs. digital records). Small magnitude
events and higher levels of inelasticity (large © and R values) cause adverse effects
of high-pass filtering on nonlinear deformations. The concerned dispersion in analog
records supersedes the corresponding scatter of digital records regardless of magni-
tude and level of inelasticity. These observations strongly suggest the necessity of
usable period range definitions for reliable nonlinear spectral calculations that are
presented in Table 7.1 in terms of different © and R levels as well as for different
magnitude intervals. We believe that the use of these usable ranges may result in
more accurate ground-motion models for the estimation of nonlinear response.
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Chapter 8
Are Current Design Spectra Sufficient
for Soil-Structure Systems on Soft Soils?

Aikaterini Ziotopoulou and George Gazetas

8.1 The Problem: Code Spectra Versus Reality

It is well known how important soil effects are on the intensity and frequency con-
tent of ground motions [1, 17-19, 22, 26, 28, 33, 34]. In civil engineering practice
these effects are often computed theoretically (wave propagation analysis assuming
equivalent-linear or nonlinear soil behavior). Yet, seismic codes have universally
faced the problem of soil amplification in a purely empirical and (unavoidably)
oversimplified way:

e The soil deposits are classified in a few broad categories, each of which
encompasses a wide range of soil layer stiffness and thickness down to bedrock.

e The response spectra S,(7) from numerous world wide accelerograms recorded
on top of soils belonging to each category, were statistically processed. The shape
of the design spectrum for the particular soil category was based on the average
of the normalized spectrum, S,(7)/A, for each period 7, after some “conservative
smoothing” [27].

The design spectra that have thus resulted share a crucial characteristic: the more
“flexible” a soil deposit (i.e. the smaller its stiffness and/or the larger its thickness),
the flatter the design spectrum. If this were the reality, ignoring SSI for a structure
on soft ground would have led to conservative results: SSI effect would always be
helpful [2, 16].

Yet, reality has repeatedly shown the opposite trend. Numerous records on “soft”
soils have produced response spectra of a sharp rather than flat shape, with well
defined peaks around the site fundamental period. Figure 8.1 highlights the dis-
crepancy between seismic codes and reality. The consequences of such a disparity,
especially on SSI systems may be significantly detrimental.
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Fig. 8.1 The discrepancy 6
between a code design Damping=5% Mexico (1985)
spectrum typical for soft soils 5 |- sSCT

and the response spectra of
two actual soil amplified
motions
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8.2 Why This Discrepancy?

As illustrated in the sketch of Fig. 8.2, the culprit behind the discrepancy is the
averaging of dissimilar response spectra; its accomplish: the very broad range of
stiffness and thickness of each soil category. A range of natural periods in the ratio
of 14 is quite possible within one single category, say category D (according to
NEHRP) [21, 29]. The actual seismic motions in a number of (soft) soil profiles
belonging to category D but with so vastly different fundamental periods are likely
to have response spectra with sharp peaks at well-separated periods [4, 14]. Thus,
at the period for which one spectrum has a peak the spectra on sites with different
periods are likely to have very small values. Hence, by averaging all these different

Response Spectra of Possible
Motions on 3 Soil Profiles

S./A

a

Fig. 8.2 Sketch illustrating the derivation of code spectra from the average (for each specific
period) of the S,/A values of all recorded spectra. The three individual idealized spectra are from
possible motions in three soft soil profiles, all belonging to the same soil class (category), and
all bearing the effects of resonance but at different periods. The resulting spectrum spuriously
suppresses the soil-excitation resonance
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values we simply “annihilate” the real sharp peaks. In other words, spuriously and
against safety, we disregard (or rather depress) the resonance between soil deposit
and excitation [30-32].

The topic has already been brought to light by Mylonakis and Gazetas [20] and
Gazetas [10], in an attempt to reevaluate the importance of soil-structure interac-
tion (SSI). They showed that the effects of SSI have been incorrectly predicted on
the basis of the Code Spectra as being always beneficial ; and recalled many fail-
ures in Mexico (1985) and Kobe (2005) that have persuasively been shown to be
to a large extent the (detrimental) effect of SSI [11]. More recently, Xu and Xie
[35] along similar lines developed a unique average bi-normalized spectrum for 206
strong-motion records of the Chi-Chi (1999) earthquake. Each and every individ-
ual acceleration response spectrum was doubly normalized : the ordinate, S,, with
respect to the peak ground acceleration, A; the abscissa, 7, with respect to the pre-
dominant period 7}, of the spectrum. The average of the individual “S./A : T/T,”
spectra exhibited indeed a sharp peak, at 7/T}, = 1, with a maximum value of the
order of 4, rather than the 2.5 of the code spectra. The practical indirect conclusion
from the above studies was that the increase of the period of a structure-soil sys-
tem with decreasing soil stiffness would not necessarily lead to reduced intensity of
shaking, as presently implied by the code spectra.

8.3 Summary of the Analytical (“Remedial’’) Study

In contrast with the purely empirical method with which the Code Spectra have been
developed, an analytical methodology is followed, comprising the following steps:

e For a particular soil category (for example C according to ECS8, or D according
to NEHRP [3, 5, 6, 8, 15, 23, 24]) we “construct” a number of idealized generic
soil profiles having the following characteristic parameters:

— velocity : Vs3o = 180 m/s, 260 m/s, 360 m/s. Vg3 : average shear wave
velocity from the ground surface down to a depth of 30 m

— distribution of Vi with depth : uniform, trapezoidal, with-crust (see Fig. 8.3)

— depth to “rock” : H =30 m and 60 m.

— “rock” to soil wave velocity ratio : Vs rock / Vs30 = 1.5and 5

e Seven accelerograms recorded on “rock” are utilized as (“rock-outcrop”) excita-
tion after being scaled (up or down) to achieve peak ground acceleration : A =
0.20g, 0.40g, 0.60g. These records are (Fig. 8.4):

Stone Canyon Reservoir, Northridge 1994
Aegion-Rock, Aegion 1995

Sakarya, Izmit 1999

Dayhook, Tabas 1978

Gilroy-1, Loma Prieta 1989

Lucerne, Landers 1992

Superstition Mountain, Imperial Valley 1979.
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Fig. 8.3 The three types of generic soil profiles used in our parametric investigation
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Fig. 8.4 “Rock” accelerograms used as excitation (scaled to 0.40g)

e By exciting all the aforesaid soil profiles with each record in all possible com-
binations we obtain results in 1009 cases. The analysis is first done, with the
well-known equivalent-linear method of Schnabel et al. [25] (SHAKE) and,
second, with the inelastic method introduced by Gerolymos and Gazetas [13]
(NL-DYAS).

The response spectra of the ground surface motions resulting from each of the
2 %1009 analyses are utilized in two different ways:

(a) Only the spectral accelerations is normalized, by dividing with the correspond-
ing peak ground acceleration, S,/A — the established conventional normalization
used for deriving the current design spectra (S,/A :T).
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(b) Both the spectral acceleration, S,/A, and the period, T, are normalized, the latter
by the predominant period 7, of the ground surface motion. The plot S,/A :
T/T,, is called Bi-Normalized Spectrum (BNS).

e The average for each period T of the 1009 simply normalized spectral
values (type (a)) give a mean response spectrum (S,/A : T) which is
expected to be quite similar with the current code spectrum for this soil
category.

e The average for each period ratio T/T, of the 1009 doubly normalized
spectra (type (b)) give a mean response spectrum (Sa/A : T/T,) which is
expected to differ both in shape and in amplitude from the conventional
spectrum.

8.4 Results: Towards a More Rational Spectrum

All the 1009 response spectra obtained with the equivalent-linear soil response anal-
yses and simply or doubly normalized as afore-explained, are portrayed in Fig. 8.5a

S./A ;5 |k

3.75

S,/A

L
0 0.5 1 15 2 25 3

T/ Tp

Fig. 8.5 Compilation of response spectra of ground surface motions from all the equivalent-linear
analyses. (a) Conventionally normalized spectra; (b) bi-normalized spectra. The thick curves are
the mean response spectra
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and b respectively. Their average response spectra, after some ‘“conservative
smoothing” could serve as the design spectra. The following conclusions emerge
from the two figures:

(a) Regarding the conventionally derived spectrum — as anticipated, its shape is
indeed quite similar with the smooth shape of the code spectrum for this soil
category : a nearly constant ordinate, approaching (from below) S,/A & 2.5, for
the range of periods from 0.15 to 0.60 s, approximately. (If more excitations
had been employed, and additional and more realistic soil profiles had been
considered, the period range of nearly constant S, would have likely increased,
and the spectrum would have been even smoother.)

(b) Regarding the Bi-Normalized Spectrum — its shape is vastly different from the
conventional spectrum : a sharp peak at 7/7, ~ 1 dominates. Its maximum
value, max (S;3/A), reaches 3.75, i.e. it is 50% greater than the peak value of the
conventional spectrum.

Evidently, the (true or pseudo) resonance between soil and excitation is well
preserved only in the bi-normalized spectrum. The conventional Spectrum does
not reflect the physics of the problem, while being unsafe for many structures
(with T ~ T,) and leading to erroneous conclusions on the possible effects of
soil-structure interaction.

8.5 The Uniqueness of the Bi-Normalized Spectrum

Several interesting attributes of the Bi-Normalized Spectrum (BNS) have been
demonstrated analytically by Ziotopoulou and Gazetas [36]. Specifically:

| === Soil Class B
. e \ery Soft Soil

0 05 1 15 2
T (sec)

Fig. 8.6 Comparison of the

mean spectra of Fig. 8.5 (Soil 4

Class: Vs 30 = 180-360 m/s) 3-: 1

with the mean spectra for a 25

much softer soil (Vs 30 = 100 S. /A 2]

m/s). The differences of the a 1': | | ] .

conventionally normalized 0.5 - I I—

spectrum (top) almost 0 .

disappear in the normalized o 0.5 1 15 2 25 3

spectra (bottom)
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e The BNS is hardly influenced by soil category, i.e., it is practically the same
for all soil categories! The same conclusion was drawn by Xu and Xie [35] for
the strong records of the Chi-Chi (1999) earthquake. (Of course, T, may change
significantly from soil to soil, decreasing with soil stiffness ; and moreover, it
is often affected by the nature of seismic excitation. Its estimation is a totally
different ball game.)

e The BNS is only marginally influenced by the nature of the performed wave prop-
agation analysis: equivalent-linear and truly nonlinear analyses differ appreciably
only in the low-period range (7/7, < 0.5), not in the basic shape of the spectrum.

e The BNS is only marginally influenced by the nature of seismic excitation. (Of
course, again, the above argument does not extend to 7, which is affected by the
dominant excitation periods.)

Indicative of the uniqueness of this BNS is Fig. 8.6, which reveals the practi-
cal independence of BNS from the soil category — contrary to the behavior of the
conventional spectrum.

8.6 Conclusion, Limitations
One unique Bi-Normalized Spectrum (BNS), for all soil categories and most likely
seismic excitations, emerged from the comprehensive set of wave-propagation anal-

yses reported in this article. This unique spectrum is sketched in Fig. 8.7 and is
approximated with the following expressions:

Sa/A = exp (1.35 [T/Tp]) for T/T, <1 (8.1a)

Sa/A=375(T/Ty) "% for T/T,>1 (8.1b)

S,/ A 2/
Fig. 8.7 Mean bi-normalized
spectra (BNS) from the s
equivalent linear wave 1

propagation (SHAKE) and
from the inelastic wave
propagation (NL-DYAS)
studies, and idealized smooth
spectrum proposed for
design, Eq. (8.1) T/T,
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The potential benefits from adopting this simple spectrum have been highlighted
in the chapter. However, the imprecise definition of T;, and the profound difficulty
in predicting T}, in reality remain serious obstacles in adopting it at present. And of
course, empirical support from recorded motions must be (statistically) significant,
to arrive at a robust such design spectrum.
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Chapter 9
Elastic Demand Spectra

Kyriazis Pitilakis, Anastasios Anastasiadis, Dimitris Pitilakis, Konstantinos
Trevlopoulos, and Konstantinos Senetakis

9.1 Introduction

Performance-based seismic design requires estimation and selection of elastic
acceleration and displacement spectra for different damping ratios in a wide range
of periods. In this study, demand spectra from a database of strong ground motion
records from Japan, Greece and the United States over well defined soil conditions,
are computed. The results are presented for different soil categories and two differ-
ent seismic excitation levels, as it is suggested in Eurocode 8 (EC8). The discussion
focuses on the differences between the design elastic demand spectra of EC8 and
the computed demand spectra from a large data set of real records.

Traditionaly, the demand spectra are calculated at the foundation level for the
free-field soil response, assuming linear soil behavior. However this does not
correspond to reality. The soil behavior is not linear elastic and the the soil-
foundation-structure interaction may modify considerably the design input motion
and hence the elastic demand spectra. In this paper, an equivalent linear approxi-
mation is implemented in the substructure approach [4] of soil-foundation-structure
interaction (SFSI). The combined effects of the SFSI and the nonlinear soil behavior
on the spectral demand of the system are highlighted through parametric analyses
in the context of performance based design.

In many real cases where important structures are founded on soft soils of low
strength, it is necessary to improve soil conditions using different techniques. One of
the most popular techniques is the construction of stone columns. A recently devel-
oped alternative technique replaces at a given depth the initial soil with a compacted
mixture of rubber and sand material (RSM) [1]. The elastic demand spectra under
these conditions may differ considerably from the demand spectra of the original
soil. The effect of the RSM reinforcement of soft soil on the demand spectra of a
Single-Degree of Freedom (SDOF) system on a soft cohesive soil corresponding to
Soil Type C according to Eurocode 8, is depicted for the seismic input of the Athens,
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1999 earthquake. Similar analysis where performed for the traditional stone column
improvement.

The aim of these three parts of the work is to validate the reliability of ECS8
demand spectra with a large sample of high quality worldwide records and highlight
some important aspects of the selection of the design elastic demand spectra in view
of performance-based design. Real structures on good or poor soil conditions are
rarely subjected to the elastic demand spectra proposed by seismic codes, which
correspond to an ideal free-field ground motion. SFSI, soil non-linearity and soil
improvement may modify considerably the design elastic demand spectra.

9.2 Comparison of EC8 Elastic Demand Spectra with Worldwide
Strong Ground Motion Records

9.2.1 Selection of Strong Ground Motion Records

A large set of high quality, mainly digital, records worldwide has been selected
and processed in order to calculate separately the horizontal elastic acceleration and
displacement spectra directly from the respective time histories after proper filtering.
The results are presented in terms of elastic demand spectra.

A large number (about 1,000) well-documented strong ground motion recordings
with different PGA values, Mw magnitudes and epicentral distances were selected
for the soil classes studied in this paper (Fig. 9.1a). Selection is based on very good
knowledge of the dynamic soil properties (mainly Vi values) and the of the depth
to bedrock. In this paper we consider a selected sample of about 300 records. They
come from Japan (164 KiK-Net records), Greece, (58 records) and from California
(86 strong ground records from the COSMOS Virtual Data Center and the National
Strong Motion Project Datasets). The seismic records are classified in two main cat-
egories depending on the level of seismic intensity, My, > 5.5, i.e. approximately
Peak Ground Acceleration (PGA) > 0.2g) and My, < 5.5, or PGA about less than

M- PGA (gal)
1200 - .
* USA (n=634) . 100
1000 | ®JAPAN (n=164) & | 801
4 [TALY (n=248) i o
800 | o GREECE (n=58 [ |
E ’ o= -’ L Number of 60
§ 800 1 - 3 *".. i_:-c s | Records |
" .
1 ' l:'":':"!" = 20+
200 | B ﬁl ‘.ih !. "‘j. l i H |
' 0,
il ER AR e
3.0 40 50, 60 7.0 8 OM<5.5 Soil Classes
(a) (b)

Fig. 9.1 (a) Mw-PGA pairs for the selected strong motion records and (b) number of records used
for soil type B, C and E according to the EC8 classification, for different seismic magnitudes M,
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0.2g. Actually this is not always true, as in some cases even for low magnitude it
is possible to have higher accelerations. In Fig. 9.1b the total number of seismic
records used for each Soil Type B, C and E according to EC8 are presented, classi-
fied in two main categories depending on the level of seismicity. In total, 138 records
were selected for Soil Type B, 122 for Soil Type C and 48 for Soil Type E.

9.2.2 Processing of Strong Ground Motion Records

Acceleration and displacement response spectra of the records from Japan and
Greece were computed separately for every seismic record [3], in order to estimate
the corresponding demand spectra. The response spectra were computed for a period
range up to 4 s for My, > 5.5 and M,, < 5.5 for Soil Type B and C per ECS8. The
digital and analogue records were baseline corrected and filtered with a band-pass
Butterworth filter.

In order to compare the demand spectra derived from the strong ground motion
database with the design elastic spectra of the current seismic codes, acceleration
and displacement spectral values were normalized. The normalized demand spectra
were then processed in order to estimate the mean and mean plus one standard
deviation (Mean + o) curve.

9.2.3 Soil Type B

Based on the available detailed geotechnical soil profiles 138 records were classified
in Soil Type B. 92 records are classified in the high seismicity (M > 5.5) and 46 in
the low seismicity range. Among the 92 records there are 56 records from Japan,
18 from the Greece and 18 from California. The PGA values vary between 62.7 and
924.5 gal, a range that includes certain very strong earthquake recordings. The abso-
lute S4 values vary from 10 to 200 mm, while absolute peak PSA values vary from 2
to 32 m/s? (Fig. 9.2a). The normalized demand spectra for Soil Type B are presented

3500 X 8 .
Il Soil Calss B c Soil Class B
2000 7] MS55 -1 M>5.5
I 62.7<PGA<9245gal| S o 6
2500 w88
) i 2s
g 00 7 2 =
€ { - g 4
21500 14 8
& 3
& 1000 Eu) >
o
500 3 =
0

0 5 10 s4em) 15 20

Normalized Displacement Spectral Values
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Fig. 9.2 Soil type B: (a) Absolute demand spectra (M, > 5.5, n = 92 records); and (b) normalized
demand spectra
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Fig. 9.3 Soil type B: Mean + o values of normalized elastic spectra for (a) M > 5.5 (n = 92
records); and (b) M < 5.5, compared with the design elastic spectra of EC8 and Pitilakis et al. [5]

in Fig. 9.2b. Figure 9.3 presents the mean and mean plus one standard deviation
demand spectra (smoothing lines as well) for the two intensity levels, together with
the corresponding demand spectra according to EC8 and Pitilakis et al. [5].

Given the scatter of the values, for the set of strong earthquakes (M > 5.5) the
design elastic demand spectra of EC8 and the proposed demand spectra by Pitilakis
et al. [5] are better correlated with the mean plus one standard deviation spectra
(Fig. 9.3a). For earthquakes with M < 5.5 the mean values of the recorded demand
spectra are in good agreement with both design curves (Fig. 9.3b), while the mean
plus one standard deviation curve gives much higher values.

9.2.4 Soil Type C

The total number of records in Soil Type C is 122. For M > 5.5 there are 70 records:
28 records from Japan, 14 from the Greece and 28 from California. The range of
PGA values varies between 59 and 741 gal. For M < 5.5 there are 22 records from
Japan, 12 from Greece and 12 from USA; 52 records in total. The PGA values range
between 10 and 320 gal, meaning that this sample includes both weak and strong
recordings, mainly due to variable near field conditions.

Figure 9.4 presents the computed absolute values of demand spectra for M > 5.5.
The peak displacement spectral values are between 20 and 200 mm, while the range
of the maximum acceleration spectral values is between 5 and 15 m/s>.

Equally large scatter of spectral values is also observed at the normalized curves
of the demand spectra (Fig. 9.5a). From Fig. 9.4 it is observed that the mean values
of the computed demand spectra for M > 5.5 compare well with the corresponding
design elastic spectra of EC8 and the proposed demand spectra by Pitilakis et al. [5],
especially for spectral values which correspond to the constant plateau. For small
earthquakes with M < 5.5 (Fig. 9.5b), the mean values of the computed demand
spectra appear significantly lower than the design elastic spectral values, while mean
plus one standard deviation values are practically identical with the corresponding
design elastic spectra of ECS.
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Fig. 9.4 Soil type C (M > 5.5, n = 70 records): (a) absolute and (b) normalized elastic spectra
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Fig. 9.5 Soil type C: Mean + o values of normalized elastic spectra for (a) M > 5.5 and
(b) M < 5.5, compared with the design elastic spectra of EC8 and Pitilakis et al. [5] (2004)

9.2.5 Effect of SFSI and Nonlinear Soil Behaviour
on Seismic Demand

A simple soil-foundation-structure model is used in this study to elucidate the
combined effects of the nonlinear soil behaviour and the soil-foundation-structure
interaction on the system response, in the context of performance-based design. The
simplified structure is a lumped mass of 100 t fixed at a height of 3.8 m over a
rigid surface foundation with plan dimensions 4 x 4 m. The fixed base natural fre-
quency of the elastic structure is fixed at 3.19 Hz and structural damping at 5%.
The soil profile consists of 30 m of clayey sand to sandy clay, separated into four
layers with different properties, overlaying a rigid bedrock with significant interface
impedance with the soil. The properties of the soil and the structure are shown in
Fig. 9.6a. The soil profile is classified as type C Ground according to the EC8 with
V30 = 209 m/s. For linear elastic behaviour, the natural frequency of the soft shal-
low profile is 2.1 Hz. The shear modulus reduction and damping curves which are
assigned to this benchmark soil profile are shown in Fig. 9.6b.

In the nonlinear domain, the input motion and its dynamic characteristics play
significant role in the soil response. In order to promote the nonlinear soil response,
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Fig. 9.6 (a) Simplified soil-foundation-structure system used in the analyses and (b) shear
modulus reduction and damping curves of the soil profile
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Fig. 9.7 Ricker wavelet with PGA 1 m/s? and period 0.2 s, San Rocco, 1976 Friuli earthquake
record with PGA 2.3 m/s? and Aegion, 1995 earthquake record with PGA 4.9 m/s2, in the time (a)
and the frequency domain (b)

the system is subjected to a sequence of three ground motions. Initially a 2nd order
Ricker wavelet is assigned as input ground motion. It has PGA amplitude of 1 m/s”
and period 0.2 s, centered at 0.43 s. Then the system is subjected to two real earth-
quake ground motion records. The first one was recorded in San Rocco, during the
1976 Friuli, Italy earthquake and the second was recorded in Aegion, during the
1995 Aegion, Greece earthquake. The three ground motions are shown in Fig. 9.7,
in the time and frequency domains.

9.2.6 Comparative Results

The response of the soil-foundation-structure system was calculated adopting the
equivalent linear approach in the substructure approximation of the SFSI [4]. The
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Fig. 9.8 (a) Frequency response function of the system for the fixed-base case, the linear SFSI
case and the SFSI equivalent linear case. (b) Acceleration response at the top of the structure for
the three ground motions. Note the reduction in the acceleration amplitude due to the equivalent
linear soil behaviour

response in time and frequency domain when subjected to the three ground motions
is shown in Fig. 9.8.

The fundamental frequency of the fixed base system decreases from 3.19 to
2.65 Hz due to SFSI. When the equivalent linear soil-foundation-structure system of
Fig. 9.6 is subjected to the Ricker wavelet, the natural frequency of the system shifts
further down to 2.5 Hz. This decrease in the fundamental frequency is caused by the
foundation compliance, which is taken into consideration in the case of interaction
with the soil.

The stronger earthquake record of San Rocco causes the soil-foundation stiffness
to further decrease, leading to a fundamental frequency of the system at 2.25 Hz,
i.e. 30% lower from the fixed base case and 15% from the linear viscoelastic case.
According to the Frequency Response Function (FRF) of the system, the response
at the top of the structure decreases with the implementation of the equivalent linear
soil model (Fig. 9.8b). Finally the strong Aegion earthquake record mobilizes the
nonlinear soil behaviour. The soil shear modulus reduces by more than 85% at a
depth of 4.5 m. This eventually results in a decrease of the fundamental frequency
by more than 19% from the linear SFSI case and by 33% from the fixed base case.
The soil softening and the increased energy dissipation in the soil, through hysteretic
material action and radiation damping, cause the response at the top of the structure
to decrease, as evidenced in Fig. 9.8b, where the acceleration amplitude is reduced
by at least 60%. These differences affect the elastic demand spectra.

Inspection of the demand spectra presented in Fig. 9.9 for the two actual
recordings shows that the seismic demand generally decreases with the SFSI and
with the nonlinear soil behaviour. That is, when the interaction of the structure with
the soil is taken into account together with non-linear soil behaviour, the seismic
demand may be reduced considerably in certain period of major engineering
importance (7' < 0.7 s).
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Fig. 9.9 Elastic demand spectra at the foundation level for (a) the San Rocco, and (b) the Aegion
earthquake records. The free-field soil response is denoted with solid line, the SESI response with
dashed marked line, while the linear soil behaviour is denoted with black colour and the equivalent
linear soil case with gray

The SFSI is more important in the linear elastic soil case, as not only it decreases
the spectral acceleration, but it changes the shape of the demand spectrum as
well, amplifying the displacement. This is apparent mostly for short-to-intermediate
structural periods. In the high period range, the SFSI might increase the displace-
ment spectral values.

On the other hand, the nonlinear soil behaviour reduces mainly the pseudo-
acceleration spectral values. In the case of the San Rocco earthquake record
(Fig. 9.9a) more significant is the effect of the nonlinear soil behaviour. The shape
of the demand spectrum does not change significantly when assuming interaction.
The spectral acceleration values, however, diminish due to the increased energy
dissipation in the nonlinear soil, especially in the small displacement range.

The effects of the equivalent linear soil behaviour and the SFSI are more pro-
nounced when the system is subjected to the strong earthquake record of Aegion
(Fig. 9.9b). Incorporation of the SFSI increases the spectral displacement in the
intermediate-to-long period range, especially in the linear soil case. On the other
hand, the assumption of a nonlinear behaviour of the soil itself changes significantly
the spectral values. The de-amplification of the spectral acceleration values from the
linear case is significant, as it may be of the order of 400%.

9.3 Effect of Soil Improvement and SFSI on Seismic Demand

9.3.1 Replacement with Rubber — Soil Mixtures

The behaviour of a simple SFS system founded on a soft cohesive soil corresponding
to Soil Type C according to Eurocode 8 replaced with rubber-sand compacted layer,
is examined next. Figure 9.10a shows the effect of soil replacement with Rubber —
Soil Mixtures (RSM) on the elastic demand spectra, at the foundation level of a
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Fig. 9.10 (a) Effect of foundation soil replacement with RSM on the demand spectra calculated
at the foundation level of a SDOF system [7] and (b) effect of a stone column improvement on the
demand spectra calculated at the foundation level of a SDOF system

SDOF structure founded on a Class C soil, for the seismic input of the Athens,
Greece 1999 earthquake. They were computed using a coupled soil-structure FEM
model under plane strain conditions, in the frequency domain. The shear moduli
of the soil layers were reduced from their initial values according the last iteration
of equivalent linear 1D analysis. The damping ratio was set accordingly for each
layer. The dynamic soil properties of the RMS mixtures were deduced from specific
resonant column tests [1,7].

Four characteristic dynamic analyses are considered: two with the initial or
replaced soil without the SDOF structure and two with the structure. In particu-
lar: (i) a ECS8 C type soil in its original or free field state (noted as “free field”), (ii)
the same soil replaced in a depth of 5 m by RSM (noted as 5% and “15% RSM”
according to the weight ratio of the mixture), (iii) the SDOF on the original soil
(“SDOF initial”) and (iv) the SDOF on the replaced soil (“SDOF, RSM”).

In the case of Soil Type C, the appropriate use of a well-selected RSM replace-
ment (RSM5 instead of RSM15) may produce significant beneficial effects in the
coupled system seismic demand, over almost all frequencies of interest. In the case
of Soil Type B, which is not presented here, the RSM replacement leads to a con-
siderable increase of the seismic demand, especially in high frequencies. The softer
the replacement material (RSM15) the greater the seismic demand. However the
increase was lower compared to the initial soil when SSI effects are considered.

9.3.2 Stone Columns

The same numerical approach has been also used to calculate the demand spectra
of a similar SDOF structure founded in Soil Type D according to EC8 (very loose
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soil), which is deemed necessary to be improved with stone columns. As previously
the seismic event of Athens, Greece 1999 (Fig. 9.10b) was used.

Again, four characteristic cases are considered: (i) an EC8 Type D Soil in its
original or free field state (noted as “free field”), (ii) the same soil improved with
stone columns without any structure whatsoever (noted “stone columns”), (iii) the
SDOF on the original soil (“SDOF, initial soil”’) and (iv) the SDOF on the replaced
soil (“SDOF, stone columns”).

The demand in terms of acceleration is lower in the presence of stone columns
at low periods and it is even lower when soil-foundation-structure interaction is
taken into account. At long periods (around 1.0 s in this particular case) the stone
columns lead to displacement reduction, while at short periods they seem to have
no effect. Further analyses have shown that displacement demand reduction, due
to soil improvement with stone columns, appears to be more prominent for heav-
ier structures. This may be attributed to the restraint of foundation rocking due
to the stiffening of the foundation soil, as the “rocking component may increase
the structural demands especially for soil-structure systems with deep embedded
foundations” [2].

It is worth noting that interventions that modify foundation soil stiffness do not
only affect seismic demand but structural capacity as well. It has been shown that
as superstructure drifts increase due to foundation flexibility, displacement ductility
capacity is reduced [6]. So, soil stiffening interventions, such as stone columns are
expected to have favourable effects on structural capacity.

9.4 Conclusions

Demand spectra from a database of strong ground motion records from Japan,
Greece and United States, are computed. The discussion focuses on the differences
between the design elastic spectra of EC8 and the computed demand spectra from
a large data set of real records. It is shown that the EC8 demand spectra need fur-
ther improvement, in order to be better correlated with actual recordings. In this
direction, further research is required in order to enrich the available data with dig-
ital records from well-documented sites, focusing on the contribution of near field
conditions, as well as source and path effects, to the design displacement and the
respective demand spectra.

The combined effects of the SFSI and the nonlinear soil behaviour on the spectral
demand of the system are highlighted in the context of performance based design.
An equivalent linear approximation is implemented in the substructure approach of
SESI. It is shown that SFSI may modify the shape of the demand spectra, mainly in
the intermediate to long period range, while the nonlinear soil behaviour decreases
the acceleration spectral values for short periods.

Finally, a study case presented herein demonstrates that the influence of the SFSI
with the improvement of the the subsoil conditions using stone columns, may mod-
ify considerably the elastic demand spectra at the foundation level, in particular
in the short period range. Moreover the effect of soil improvement on the demand
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spectra is also demonstrated for the case of ground replacement with compacted
rubber and sand mixtures. It is shown that the appropriate use of a well selected
RSM replacement may result in significant beneficial effects in the coupled system
seismic demand in almost all frequencies of interest.
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Chapter 10
A Dynamic Macro-Element
for Performance-Based Design of Foundations

Alain Pecker, Charisis T. Chatzigogos, and Jean Salencon

10.1 General Context — Motivations

Since Newmark’s fundamental remark [8] that action exceeding resistance during
transient loading does not necessarily mean failure, displacement and performance-
based design have been established as major trends in modern earthquake engi-
neering. Most of the developments made to date, have mainly focused on structural
aspects without consideration of soil-foundation-structure interaction. Nonetheless,
the latter has proved to influence the response of the overall structure significantly,
both in terms of safety and in terms of serviceability. Non-linear phenomena arising
at the foundation level will usually function as desirable isolation mechanisms for
the superstructure unless they lead to excessive displacements and rotations. In cer-
tain cases, taking this positive effect into account may prove necessary for achieving
aviable design. On the other hand, uncontrolled displacement/rotation accumulation
at the foundation level may constitute a severely detrimental agent for the structure.
Prescribing acceptable limits and possessing tools for an efficient prediction of dis-
placements and rotations lies in the heart of performance-based design applied to
soil structures and, in particular, to foundations.

Current engineering practice offers two possibilities for displacement/rotation
evaluation at the foundation level: either a detailed FEM model (encompassing the
superstructure, the foundation and at least part of the foundation soil) or a simpli-
fied Newmark type of analysis. The first option stands as the most rigorous from
a mechanical point of view, but it is also the most difficult: it implies more or less
a FEM model with consideration of phenomena such as soil plasticity, interface
sliding, loss of soil-footing contact (geometric non-linearity), absorbing bound-
aries etc. Such features increase significantly the complexity and the uncertainties
of modelling, especially for 3D foundation configurations, and require significant
modelling skills and computational resources. The second option is evidently much
simpler; it is bound however to a number of significant limitations: it presupposes
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a heuristically defined failure mechanism and a known force history applied on the
foundation. Since this force history is usually computed from a linear soil structure
interaction analysis, it does not account for foundation yielding that actually modi-
fies the force history at the foundation level. Moreover, it can only provide post-yield
displacements/rotations of the foundation and neglects pre-yield displacements that
may be significant for frequent (small) excitations.

10.2 Dynamic Macro-Element

The dynamic macro-element is an alternative and a compromise to the two afore-
mentioned methods. It can be thought of as a link element attached at the base
of the structure. Its scope is to reproduce the non-linear effects that arise along
the soil-footing interface during dynamic soil-structure interaction. It preserves the
simplicity of the structural model by encapsulating all the non-linear mechanisms
within a unique constitutive law affected to the introduced link element. Force eval-
uation at the foundation level is performed incrementally and it is fully coupled
with the superstructure response. This approach presents the advantage of translat-
ing complexity onto developing a sufficiently sophisticated constitutive law for the
foundation macro-element which is written once for all. This element can then be
used as a typical link/spring element in structural FEM modelling.

Modelling principle. Figure 10.1 schematically presents the main modelling prin-
ciple for the foundation macro-element. It consists in dividing the soil domain in two
distinct virtual fields: the near field and the far field. The near field is the part of the
soil domain in the vicinity of the foundation. It is considered that all non-linearity in
the system is concentrated there, whereas the far field remains linear. The decompo-
sition allows introducing the notion of foundation dynamic impedance describing
far field behaviour. Foundation impedance accounts for wave propagation, both
from the incoming and scattered wave field, and provides the linear visco-elastic
component of the macroelement constitutive law.

i" o +9*! + L _ﬁr_f*

NEAR FIELD +2z°

Non-linear
response

Ki_ iC 0"-..
Linear _ . 4
FAR FIELD |response a=BorD *

. -

() (b)

Fig. 10.1 (a) Modelling principle for macroelement; (b) forces and displacements for planar
loading
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Focus is hitherto put on describing nonlinear near field response for shallow per-
fectly rigid footings. Chatzigogos et al. [3] overviewed the literature on the topic
and introduced a macroelement model for shallow circular footings on cohesive
soils. In Chatzigogos et al. [4] the proposed macroelement is further generalized to
encompass the most usual soil and footing-soil interface conditions: both cohesive
and frictional soils, two-dimensional or three-dimensional foundation geometries
and interface conditions allowing for foundation uplift or not.

The macroelement model development consists in a two-step procedure: initial
description of each nonlinear mechanism that contributes to the overall response
independently from one another; then introduction of the surface of ultimate loads
of the foundation (calculated separately in the Yield Design theory context) as a
means to calibrate coupling between the non-linear mechanisms. In its present state
of development, the model comprises three nonlinear mechanisms: (a) sliding along
the soil-footing interface, (b) yielding in the vicinity of the footing due to soil irre-
versible behaviour and (c) uplift as the footing may get detached from the soil
surface. For simplicity, planar loading and cohesive soil conditions are considered
in the following. For frictional soil conditions we refer to Chatzigogos et al. [4].
The model is formulated in terms of dimensionless parameters with the dimen-
sionless forces assembled into a vector Q and dimensionless displacements into a
vector g:

0=[0n0vOu]= [aN aV M] (10.1)

max

1
QTz [qN qv qM] = E[uZ Uy aey] (10.2)

In Egs. (10.1) and (10.2), a is a characteristic dimension of the footing (width B
for strip footings, or diameter D for circular footings) and the dimensional forces
and displacements are as in Fig. 10.1b. The quantity Np,x represents the maximum
vertical centered force that can be supported by the foundation.

Uplift mechanism. The uplift mechanism is described with a nonlinear elastic
model that respects its fully reversible and non-dissipative character. In fact, footing
detachment introduces a non-linearity of geometric nature: as the footing is uplifted,
the soil-footing contact area is diminished, which leads to a reduction of the apparent
stiffness of the foundation. This reduction is reproduced by means of an appropri-
ately calibrated tangent elastic stiffness matrix K, function of the level of elastic
displacements in the system: o

0=x(4") 4 (103)

The tangent elastic stiffness matrix is determined through finite element analyses
for strip footings conducted by Crémer et al. [5] and for circular footings conducted
by Wolf and Song [12]. Under certain simplifying assumptions and using the above
results, Chatzigogos et al. [2] have shown that the tangent elastic stiffness matrix
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describing uplift on an elastic soil may be written as follows:

On Kvw 0 Kym an
Qv |=| 0 Kyw O qv (10.4)
Oum Kun 0 Kym am

In Eq. (10.4), elements of K are defined though the following relationships:

Ky = Kjy (10.5)
Kyy = KDy (10.6)
1
qe
eKnn I—MTEO Si ‘q |> 1,'
Knu = Kun = dy (10.7)
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QMO O‘Kl(\)/IM

In the above expressions, K/(\),N, K 8‘,, K,?,,M represent the real part of the foundation
impedance for quasistatic loading. The quantity qZ/l[,o represents the rotation angle
of the foundation at the instant of uplift initiation. For an elastic soil, this quantity
is linear with respect to the applied vertical force on the foundation. The parameters
a, B, v, 8 and ¢ are numerical parameters that depend on footing geometry. Their
values for strip and circular footings are given in Table 10.1.

Soil plasticity mechanism. The soil plasticity mechanism is described through
a bounding surface hypoplastic formulation following Dafalias and Hermann [6].
The yield surface of classical plasticity is replaced by a bounding surface fgs: in
the interior of this surface a continuous plastic response is obtained as a function of
the distance between the actual force state represented by the loading point Q and
an image point P on the bounding surface, defined through an appropriately chosen

Table 10.1 Numerical values for the parameters in Egs. (10.5), (10.6), (10.7), (10.8), and (10.9)

Geometry o B y ) £

Strip 4.0 2.0 1.0 1.0 0.50
Circular 6.0 3.0 2.0 0.5 0.75




10 A Dynamic Macro-Element for Performance-Based Design of Foundations 107

Ellipsoidl 0.0 Y

Soil
Plasticity

Associative
flow rule (b) ¥

Fig. 10.2 (a) Ellispoidal bounding surface in the space of force parameters and mapping rule and
(b) coupling of interface sliding and soil plasticity in the plane Oy — Qv

mapping rule (cf. Fig. 10.2a). As the loading point moves towards the bounding sur-
face, the plastic response becomes more and more pronounced until a plastic flow is
eventually produced when the loading point reaches the bounding surface: this situ-
ation corresponds to bearing capacity failure of the foundation. We can thus identify
the bounding surface fgs with the ultimate surface of a footing resting on a cohesive
soil with a perfectly bonded interface (no uplift or sliding allowed). Gouvernec [7]
has presented numerical results offering a detailed determination of this surface for
various footing shapes. An extremely simple approximation that proves sufficient
for practical applications is obtained by considering that this ultimate surface is an
ellipsoid centered at the origin:

2 2
st=Q12V+< Ou ) +< Qv ) —1=0 (10.10)

QM ,max QV,max

The functional form in Eq. (10.10) remains approximately independent of foot-
ing geometry and soil heterogeneity as shown by Bransby and Randolph [1]. The
only parameters that change are Qymax and Qs max, Which define the maximum
horizontal force and moment respectively: they occur for a zero vertical force. The
quantity Npax (necessary for the definition of Q;) is retrieved from solutions pre-
sented by Salencon and Matar [11]. Qymax is obtained by the condition of sliding
along the interface. Finally, Qs max is obtained for strip and circular footings from
solutions presented by Bransby and Randolph [1] and Gouvernec [7] respectively.
Table 10.2 provides values of these parameters for three values of soil heterogeneity
expressed through the dimensionless parameter k = aVc/cy, where a is the charac-
teristic footing dimension, V¢ the cohesion gradient with respect to depth and ¢ the
cohesion at the soil surface.

Sliding mechanism. For a frictional interface obeying the Mohr-Coulomb
strength criterion and characterized by a friction angle ¢, sliding of the foot-
ing has to be addressed as well. Consideration of frictional interface will induce
Mohr-Coulomb branches in the Qy—Qy space, as it is shown in Fig. 10.2b. The
global domain of admissible force states will thus be obtained by the intersection
of the bounding surface and the Mohr-Coulomb branches. This domain is convex
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Table 10.2 Parameters for the definition of the bounding surface (cf. Eq. (10.10))

Geometry Nmax OV,max OM,max
k=0 Strip 5.14cpa 0.195 0.111
Circular 6.05¢cq(a’m/4) 0.165 0.111
k=2 Strip 8.01cpa 0.125 0.119
Circular 7.63¢o(a’m/4) 0.131 0.115
k=6 Strip 10.29¢pa 0.097 0.131
Circular 9.68co(a’m/4) 0.103 0.129

but non-smooth. Non-smoothness is treated within the multi-mechanism plastic-
ity framework. For the examined case, two plastic mechanisms are introduced:
the associated bounding surface hypoplastic model presented above (related to the
soil response) and a non-associated perfectly plastic model related to the inter-
face response. For the numerical implementation of multi-mechanism plasticity, the
algorithm developed by Prévost and Keane [9] is used.

Coupling between mechanisms and ultimate surface of foundation. The three
non-linear mechanisms are combined together in a fully coupled way. Sliding
and soil plasticity interact through the multi-mechanism plasticity formulation.
Plasticity and uplift are coupled through dependence of the uplift initiation param-
eter on the vertical force, which in turn derives from the elastoplastic response of
the system. Moreover, Crémer et al. [S] have shown that in the presence of plastic
soil behavior, uplift initiation is no longer linear with respect to Qy, as is shown in
Fig. 10.3b. To address this additional uplift-plasticity coupling effect, Eq. (10.9) is
replaced by a nonlinear relationship of the form:

el ON  _con
=+ 10.11
0 aKym ¢ ( )

In Eq. (10.11), ¢ is a numerical constant calibrated with respect to the foundation
ultimate surface.

The above nonlinear mechanisms have been formulated independently from one
another. However, these formulations are implicitly based on the notion of foun-
dation ultimate surface. The foundation ultimate surface defines the domain of all

Uplift
Initiation

Fig. 10.3 (a) Foundation ultimate surface (cf. Chatzigogos et al. [2]) and (b) uplift-plasticity
coupling in the plane Oy — Oy
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possible combinations of loads that can be supported by the foundation. It can be
determined on the basis of geometry and strength criteria of the system and inde-
pendently of any constitutive law for the constituents of the system. This is achieved
within the context of the Yield Design theory as for example in Chatzigogos et al.
[2] who presented the ultimate surface of a circular footing on a cohesive soil under
general loading with possible uplift. A representation of this surface is shown in
Fig. 10.3a. Knowledge of the foundation ultimate surface is essential in the sense
that it is identified with the hypoplastic bounding surface in the absence of uplift and
also because it guides parameter calibration (parameter ¢ and parameters of plastic-
ity model) for uplift-plasticity coupling. The condition it supplies is that the toppling
limit shown in Fig. 10.3b has to be identified with the boundary of the foundation
ultimate surface (and certainly should not exceed it).

10.3 Numerical Application

Results pertaining to the validation of the presented model with respect to exper-
imental and numerical results have been presented in Chatzigogos et al. [3, 4].
A simple numerical application of the model is presented herein in order to demon-
strate its versatility for non-linear dynamic soil-structure interaction analyses. The
macroelement is used to model a typical bridge pylon subjected to horizontal earth-
quake excitation as is shown in Fig. 10.4. The pylon model exhibits 4 degrees of
freedom (DOFs): One horizontal translation of the superstructure and three DOFs
for the translations and rotation of the foundation, which are reproduced by the
macroelement. Three analyses are conducted with different base conditions consid-
ered at the foundation level: (a) elastic analysis, (b) elastic analysis with activation
of uplift mechanism only and (c) full elastoplastic analysis with uplift. The results
of the three analyses are given in Fig. 10.5, which provides the obtained displace-
ment time histories at the footing centre and the force-displacement diagrams at the
foundation level.

ds

‘Q'M
( Y. 9y

| e, NE— |

MACROELEMENT

(a) (b)

Fig. 10.4 (a) Typical bridge pylon and (b) simplified model for nonlinear dynamic analyses with
macroelement
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Fig. 10.5 Macroelement used for modelling a typical bridge pylon subjected to horizontal seis-
mic excitation: (a) linear elastic base conditions, (b) elastic response with uplift and (c) full
elastoplastic response with uplift

Consideration of uplift on an elastic soil (Fig. 10.5b) reveals the reversible and
non-dissipative character of this mechanism and leads to an initial reduction of the
maximum moment applied on the footing. One can also notice the coupling between
the rotation and the vertical displacement (heave) as the footing is uplifted. The
maximum horizontal force is not affected since this force parameter is not coupled
with uplift unless plastic behaviour is considered.

In the case of full elastoplastic response with uplift (Fig. 10.5¢c), a significant
reduction is computed both for the maximum moment and the maximum horizon-
tal force on the footing. This emphasizes the “isolation” effect for the foundation
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offered by the consideration of non-linearities, which are anyway present in the real
structure. The price to pay is larger maximum and permanent displacements. As
a matter of fact, in the context of displacement based approaches, forces are no
longer of interest because the model gives direct access to the (peak and residual)
displacements. In the examined case, it is interesting to notice the accumulation of
vertical settlement as the system is excited horizontally: this is an immediate con-
sequence of the strong coupling between all degrees of freedom within the adopted
plasticity formulation. It is an important feature of real behaviour that cannot be
captured by other types of simplified foundation models such as Winkler spring
models.

Additionally, it is interesting to notice that accumulation of permanent displace-
ment is taking place continuously and not only when ultimate resistance is exceeded
as in a Newmark type model. The macroelement is thus capable of efficiently repro-
ducing both pre- and post-yield displacements of the footing. Finally, the model
simulates the cycles of energy dissipation at the foundation level (notice the dif-
ference in cycle shape between moment and horizontal force due to presence of
uplift affecting rocking response) allowing for a combined consideration of ductility
demand in both the superstructure and the foundation.

10.4 Concluding Remarks

The macroelement model is intended to serve as a practical tool for performance-
based design of shallow foundations. It can facilitate permanent displacement
evaluation at the foundation level within standard FEM structural modelling and
offers the flexibility of activating/deactivating, at will, independent non-linear mech-
anisms that may take place at the foundation level during dynamic soil-structure
interaction. It exhibits sufficient generality to be applicable to most usual shal-
low foundation configurations and in parallel preserves simplicity that facilitates
numerical implementation. Finally, it may prove useful in tackling new research
questions such as assessing direct-displacement based design methodologies with
consideration of SSI as in the spirit of Priestley et al. [10].
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Chapter 11

New Concept on Fail-Safe Design

of Foundation Structure Systems Insensitive
to Extreme Motions

Toshimi Kabeyasawa and Toshikazu Kabeyasawa

11.1 Introduction

The seismic performance objective and the design level of earthquake loading on
building structures have been selected and revised in the conventional code of prac-
tice, to reflect damage and ground motions observed in past earthquakes. However,
strong earthquake motions far exceeding the current design standard level have been
recorded during recent earthquakes in Japan and worldwide. Recent simulations of
strong motion from source models also show possible maximum ground motion
exceeding the design level.

In the recent design philosophy for RC building structures, such as the sec-
ond phase of Japanese BSL, seismic design of members is conducted to provide
enough deformation capacity so that the building structure can survive expected or
unexpected levels of extreme motions without collapse, even though large inelas-
tic deformations might possibly be induced. Therefore, it has been an important
design objective to ensure enough ultimate deformation capacity of RC members
with rational calculation, proper requirements and detailing. A rigorous method of
evaluating the members’ deformation capacity is still under investigation, while RC
structures have been designed with enough safety margins.

On the other hand, the observed damage of existing RC building structures
was in general clearly less than the damage calculated for free field ground
motions records, e.g., using detailed inelastic time-history analyses. The discrep-
ancy between the damage observation and analyses has not yet been interpreted
through rational research with reliable data. The reasons have been considered to
be a combination of the following: (1) an actual strength of the existing building
generally higher than the calculated one used in the analysis, (2) underestimation
of the maximum response from the residual damage in post-earthquake inspection,
and (3) earthquake input motion to the buildings smaller than what is recorded in the
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free field, due to soil-structure interaction or input loss at the foundation. However,
laboratory tests or field observations with reliable results to verify the reasons have
been very limited [7, 8].

Regarding the third reason, notably the input loss of the ground motion at the
base of the building, a shake table test was conducted at E-Defense, the world
largest three-dimensional earthquake simulator, to verify the effect of the base slip
behaviour at the base level. The second phase tests of full-scale RC concrete build-
ing structures were conducted on two three-storey school buildings with flexible
foundation from September to November 2006 [11, 9, 12, 10]. In the shake table
tests outlined in this paper, a clear reduction of damage to the building structure was
observed owing to the slip behaviour at the base. Test results show the feasibility of
the development and practical application of a “hyper-earthquake resistant system”
positively incorporating the slip behaviour under extreme motions.

11.2 Recent Earthquake Motions

Strong earthquake motions exceeding the current design standard level have
been recorded during recent severe earthquakes in Japan and US, notably in
Northridge 1994, Hyogoken-Nanbu 1995, Tottori-Seibu 2000, Niigata-Chuetsu
2004, Notohanto-Oki 2007 and Niigata-Chuetsu-Oki 2007 [13]. However, the
observed damage of existing RC building structures were generally smaller than
estimated from the hazard analyses, or from the inelastic time-history analyses using
as input motion at the base the accelerograms recorded at the free-field, especially
for low-rise buildings with slight or minor damage. For example, from an inventory
survey on 3911 reinforced concrete buildings in the most high intensity region after
the 1995 Hyogoken-Nanbu earthquake, the percentage of all buildings with damage
less than minor was 88.6%, or 93% for new regular type buildings, constructed after
1981 and conforming to the current design code in Japan. The estimated intensity of
the ground motion in the region was VII in JMA standard, with maximum accelera-
tion of 0.5-0.8g and maximum velocity of 80-100 kine, which is 1.5-2 times higher
than the BSL standard level. Therefore, it has been concluded that new RC buildings
in Japan have adequate strength to avoid collapse even under extreme motions. So,
our concern has moved to prevent damage control under the design level [2].
Although the capability for realistic collapse analysis is still under development,
it may be concluded that most of the RC buildings in Japan conforming to the
current code would probably survive motions well exceeding the design motion
specified as very rare and have ample margin of deformation capacity up to collapse.
This is partially due to the assumed spectral shape of the design motion, which is
reduced very much in the long period region. However, it has not been very rare
in recent earthquakes, such as 1995 Kobe, 2007 Noto and Niigata-Chuetsu-oki, to
record motions with strong long period components. It should be noted that the fre-
quency characteristics of the design motion is based only on old and fewer strong
motion observations. As shown in Fig. 11.1, many accelerograms exceeding the



11 New Concept on Fail-Safe Design 115

3000 T T T T T T T
JR Takatori NS (HyogokenNambu 1995)
JMA Kobe NS (HyogokenNambu 1995)
JMA OjiyaEW(Niigata Chuuetsu 2004)
K-net AnamizuEW (Notohanto-oki 2007)
2000 .

BSL design spectrum (ground surface, G,=1.5)

K-net Kashiwazaki NS (Niigata Chuuetsu-oki 2007)
TEPCO Kashiwazaki Service Hall EW
(Niigata Chuuetsu-Oki2007) [7]

acceleration (gal)

1000 _/N(‘N

Fig. 11.1 Recent earthquake records and BSL design spectrum for very rare motion (Level 2)

design level have been recorded, even in earthquakes with Magnitude around 7. So,
extreme motions are conceivable not only in future earthquakes, but also to have
occurred in the largest past earthquakes, such as the Noubi earthquake in 1891 of
Magnitude 8. Intensive research should continue, including observations in build-
ings and in the near field, development of rational and rigorous analytical tools up to
collapse, experiments on soil-structure systems, and also improvement of methods
for the evaluation of the capacity of members and structures, to ensure the ultimate
safety of structures against potential extreme motions in future.

11.3 Full-Scale Dynamic Test of 3-Storey Buildings at E-Defense

11.3.1 Plan of the Test Specimens

Two three-storey specimens were designed to be tested with the following specific
objectives: (1) simulation of progressive collapse of existing school buildings, (2)
verification of strengthening by the added steel frames, and (3) soil-structure inter-
action with flexible foundation. Birds-eye views of the specimens are shown in
Fig. 11.2. The first specimen in Fig. 11.2 was a bare RC school building designed
following the 1970 Building code of Japan. Its failure mode under an extreme
motion is expected to be by shear and axial collapse of columns in the first storey,
starting with failure of the short columns, then inducing progressive structural fail-
ure with redistribution of column axial loads. The second was a specimen originally
designed and constructed as identical as the first bare RC specimen, strengthened
with attached steel frames, simulating seismic retrofit of existing buildings. The
effectiveness of conventional details and new details for strengthening were to be
verified and compared.

Both specimens have been constructed on the pool-shaped container with backfill
soil without fixing at the base. The concrete is placed on the base concrete sur-
face with the construction joint simulating the load-bearing foundation, so that the
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Fig. 11.2 Overview of bare
RC specimen in the container
with backfill soil on the shake
table

shear transfer at the joint would be by friction and cohesion at the concrete sur-
face. The flexible boundary condition for the shaking table test would be the world
first attempt to simulate the rocking and sway behaviour with the adjacent soil. This
could be realistically done only in a full-scale test.

The structural floor plans (1st and 2nd floor plans, foundation level with the base
container) of the bare RC specimen are shown in Fig. 11.3. The structure has three
4 m spans in the longitudinal (Y) direction and two 6 m spans in the orthogonal
(X) direction. The specimen models an end part of typical Japanese schools in the
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Fig. 11.3 Floor plan and container at the base
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longitudinal direction, where an irregular layout of columns is often adopted for a
special classroom with longer span. The total number of columns is 11 and a column
at X2 and Y2 is missing from the regular pattern. 6 m long structural walls located
in the outer two frames in the X-direction, are also a typical feature.

The inter-storey height is 2.5 m in each of the 1st to the 3rd storey, which is not
corresponding to the full-scale but to 1:1.2 scale. The scale of the specimen was
selected considering the limitation of the crane capacity of 800 ton and the area
of the shake table 20 m x 15 m. Steel weights of 370 kN were mounted on the
roof after setup on the table, to adjust the scaling effect. Both outer frames in the
longitudinal direction have spandrel walls or standing walls, which are also typical
in Japanese school buildings. The spandrel wall heights in these frames are different:
1.2 m in X1-frame, as is typical on the north side, and 0.8 m in X3-frame as on the
south side.

The depth of foundation beams and of the footings is 0.8 m. The backfill soil
is infilled in the surrounding area at the base of the specimens, up to a distance
of 1.0 m from the footing or 1.4 m from the foundation beam to the side face of
the container beam. No reinforcement is placed across the construction joint at the
bottom of the footings. Insert for bolts were embedded at the base of the container
to fix the footings to the container in case of the test with the fixed foundation.

11.3.2 Design Details and Seismic Evaluation of the Specimen

Design was based on the allowable stress method in accordance with the AIJ
standard, 1975 edition [1] and the Building Standard Law and the Corresponding
Enforcement Order of 1970s. A heightwise uniform lateral load pattern used, for a
seismic base shear coefficient of 0.2. The calculated weights of the roof, 3rd, 2nd
and base level including steel weight on the roof and other instruments are 1,103
kN, 789 kN, 789 kN and 855 kN, respectively assuming 24 kN/m? for the concrete.

Member sectional dimensions and reinforcement details are described in [10].
The slab thickness is 150 mm at the roof, 120 mm at the 2nd and 3rd floors and
100 mm at the 1st floor. The standard column section is 400 mm x 400 mm with
eight 19 mm bars (pr, = 1.4%, pw = 0.356%) and that of the girders is 300 mm X
500 mm with three 19 mm bars at the top (ptp = 0.573%) and two 19 mm ones
at the bottom (ppotom = 0.382%). Section sizes are smaller than in the old or cur-
rent design practice, because of the 1:1.2 scale. Therefore, the lateral load-carrying
capacities of real school buildings constructed in the 1970s are mostly not much
different from that of the test specimen.

As a part of preliminary analyses, such as with pushover and dynamic analysis,
seismic evaluation of the buildings was conducted based on the Japanese Standard
[3], during the planning and the design of the test specimens. The evaluation is based
on the calculated strengths and deformation capacity of the columns, assuming a
storey mechanism. The cumulative seismic strength coefficient Ct is the sum of
the ultimate strengths of the first storey columns (largest of the shear and flexural
strengths), expressed in terms of the storey shear coefficient. The calculated seismic
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index of the designed specimen is Iy = 0.51(F = 0.8, C1Sp = 0.63) owing to the
short columns in the X1-frame on the corridor side, which is less than the standard
objective performance levels: I, = 0.6 for ordinary buildings and I, = 0.7 or 0.75
for school buildings. According to Japanese practice, the bare RC building should
then be retrofitted. The calculated maximum base shear coefficient, equal to 0.63 at
failure of short columns, was made a little less than or equal to the estimated friction
coefficient at the base.

11.3.3 Static Pushover Test on Base Slip Behaviour

Static tests were carried out to determine the friction coefficient between the foun-
dation base and the surface of the container slab, including the passive resistance
of the surrounding infill soils. This was also to recenter the foundation after the
dynamic test with sliding at the base. Therefore the static test was conducted on the
table after that dynamic test. Then the foundation was fixed to the container for the
dynamic test with fixed base. Oil jacks were placed on one side of the container at
the upper level of the footings and the foundation beams to push the building, with
reaction from the container beam. From the static load versus displacement relation
under constant vertical load shown in Fig. 11.4, a value of 0.7-0.8 was obtained
for the friction coefficient between the foundation base and the surface of the con-
tainer slab, including the resistance by the backfill soil, estimated to contribute with
a value around 0.1.

friction coefficient

0 1 1 1 1 1 1

—_
(=]

20 30 40 50 60
slip displacement (mm)

Fig. 11.4 Friction coefficient-slip relation from the static test

11.4 Dynamic Test Results of the Bare Specimen

The dynamic tests for the two specimens were conducted at E-Defense from
September to November 2006. The test procedure and the observed structural dam-
age of the bare RC specimen in the first dynamic test are outlined in this Section.
The first test on the bare specimen was carried out six times, from September 22 to
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Table 11.1 List of the shake test runs: input motions, base conditions, damage and responses

Peak 1st
storey shear  Ist
Motion (% of Damage (based coefficient  storey

Run Date original) Base on [4]) inY driftin Y
1 September 25  Kobe 10 Free No 0.13 1/5,000
2 September 25  Kobe 25 Free Slight 0.28 172,000
3 September 27  Kobe 50 Free Minor 0.60 1/700
4 September 29  Kobe 100 Free Minor 0.96 17250
5 October 2 Kobe? 75 Bolted Moderate 1.08 1/180
6 October 2 Kobe® 100 Bolted and  Collapse 1.30 1720

propped

4The target amplitude was 100% while the input in the test was 75% due to mistake
bThe target amplitude was 130% and the effective input was equivalent to 100%

October 2. The target earthquake record of all the test runs was the same, JIMA_Kobe
1995 [5]. The scale factor to the original level was varied as 0.1, 0.25, 0.5, 1.0, 0.75,
and 1.0 for Runs 1—6. The base was not fixed through Runs 1-4, but the construc-
tion joint to the container allowed sway and rocking. Although the bolts were used
to fix the footings before Run 5, the sway mechanism occurred because the stiffness
and the pretension of the bolts were not sufficient. In Run 6, therefore, the steel
plates were placed in the backfill soils between the footing and the container to prop
the sway movement.

The damage level was evaluated on the basis of the standard [4] after each run,
as listed in Table 11.1. Representative measured maximum response values are also
listed in the table, such as the 1st storey drift ratio and shear coefficient. Minor dam-
age was observed in the bare specimen after Run 4 under 100% of JMA Kobe, as
shown in Fig. 11.5. A storey collapse occurred due to shear failure of short columns
in Run 6, as shown in Fig. 11.6 under almost the same level of input motion as

Fig. 11.5 After Run 4 (Sway
Foundation)




120 T. Kabeyasawa and T. Kabeyasawa

Fig. 11.6 After Run 6 (Fixed
foundation)

Fig. 11.7 Hysteretic
relations of RC specimen
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in Run 4. The hysteretic relations between the inter-storey shear force and the dis-
placement are shown in Fig. 11.7 for Runs 4 and 6. The response of the building
structure remained below yielding in Run 4, while the response attained inelastic
displacement near collapse during Run 6.

Figure 11.8 shows the hysteretic relations between the slip deformations and the
shear forces in Y-direction at the base on the container slab during Run 4. The shear
forces are expressed in terms of friction coefficient, which are calculated as the ratio
of the total shear to the total normal force on the slab, which were derived from the
horizontal and vertical accelerations measured at the floors and bases. Although
the slip deformation was small, the obvious reduction of the acceleration input at
the first floor level from that of the shake table was observed as shown in Fig. 11.9.
The acceleration response spectra in Run 4 at the Ist story shown in the dotted
lines are apparently reduced from those at the shake table in Run 4, especially in
the frequency region lower than the elastic periods of the structure, which were 4.2
and 6.0 in Y and X directions. The reduction of the responses in the building in
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Fig. 11.8 Hysteretic Lateral Slip of Base foundation
relations of slip deformation
at base
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Fig. 11.9 Response spectra of input motion and at 1st floor

Run 4 compared with Run 6 is owing to the slip and the input loss at the bases. The
higher amplitudes in the higher frequency region were estimated to be due to the
scratching at each footing base, which might be less effective and negligible to the
overall responses of the building.

11.5 Fail-Safe Design against Extreme Motions

It might still be controversial whether the clear slip behaviour observed at the base
of the specimen would occur or not at the foundation base, especially in existing
building structures on site with actual foundations. However, the base detail with
a construction joint at the concrete surface can easily be designed and constructed
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similar to the specimen, in case of spread or and pile foundation. If we take into
account in addition the elastic stiffness of the underlying soil, the effect of the input
loss would be much more, even under the lower level of acceleration. Therefore,
the behaviour could be positively taken into account as a fail-safe design against
extreme earthquake motions exceeding the design level, especially for low-rise or
medium-rise typical RC concrete structures with relatively high strength and limited
ductility. As verified above by the full-scale shake table tests, the sway or the slip
behaviour at the construction joint of the concrete base would obviously reduce the
damage to the superstructure under extreme motion, compared to the case with fixed
foundation. The reduction was not effective up to the design level (Level 2: 0.4g) or
lower, but was obvious under the higher level, such as twice the design level with
maximum acceleration of 0.8g.

Let us call here this simple system as “Hyper-earthquake-resistant system”, for
fail-safe design against extreme motions exceeding the design level. The conceptual
elevation of the system is shown in Fig. 11.10. As shown there, a flat concrete slab
with standing wall and a pool-shaped container, is to be constructed at the bottom
of the base foundation supported by piles or foundation soil. The building may be
designed normally but preferably with relatively higher lateral strength, or strength-
dominant concept using walls and columns with wing walls. The slab surface should
be leveled and smooth to control the friction coefficient. The coefficient would be
around 0.6 statically, which would be reduced during the dynamic response down
to 0.4 or less, as observed in the shake table test. The slip deformation would be
50-100 mm even in case of a motion like JMA Kobe, while the damage to the
building would be minor owing to the slip behaviour at the base. The slip defor-
mation and the clearance may be 100 mm or less, i.e. much less than required for
a base isolation system. The backfill soil may be replaced with alternative and eco-
nomic material, such as styrofoam etc. Damping effect could be expected by the
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surrounding soil, which should be investigated in detail in future research. Flexible
joint should be used for the piping system of the building, to ensure the functional
use even after an extreme motion. It would be much easier and economic to ensure
the fail-safe performance against extreme motions than to design and construct with
special devices, such as with base isolation, dampers and so on.

If a constant friction coefficient is assumed, the required strength can be calcu-
lated for elastic response under extreme motions. It has been derived theoretically
that the upper bound of the required strength could be constant, regardless of the
fundamental period of the structure, derived from the relevant parameters, such as
the friction coefficient and mass ratios of the building and the foundation [6]. Note
that the theoretical required strength of the building in terms of shear coefficient is
higher than the friction coefficient at the base. Because the theoretical upper bound
is basically controlled by the friction coefficient, the designer does not need to care
about the level and the frequency characteristics of the potential extreme motion in
the future.

As for the friction at the base, there has been ample experimental research and
data on the static friction coefficient between the concrete joint surfaces, depending
on the surface condition. Past research was conducted mainly on joints of pre-
cast concrete structures to ensure the shear transfer at the joint, in other words
to achieve a higher friction coefficient via a rough surface. In this case, the fric-
tion coefficient should be controlled to be as low as possible. From past research,
even the static friction coefficient could be reduced down to around 0.4 through
perfect surface smoothing. There is still more to be investigated even for static
coefficients. As for the reduction with dynamic loading, the experimental data are
sparse. Microscopic theoretical background or rigorous constitutive laws on friction
including rate effects have not yet been established, although it has been a long time
research theme in physics.

The “Hyper-Earthquake-Resistant System” is a system with a kind of safety fuse
against potential very rare and yet unseen earthquake motions. The basic concept
may be classified as an application of “Capacity Design Philosophy, ” proposed by
Tom Paulay, because the system is to ensure the hierarchy of explicit failure modes.
The research on the system would be worthwhile in the future with various themes
to be verified by experiment, observation and analysis.

11.6 Conclusions

Full-scale three-dimensional earthquake simulation tests on three-storey RC school
building structures were conducted at E-Defense. The plan, specimens and results
of the test are outlined in this paper. The damage observed in the bare RC speci-
men was clearly minor under the extreme motion, owing to the input loss due to
the slip behaviour at the base. The observed behaviour could be used for the fail-
safe seismic design of RC buildings with higher strength and limited ductility. The
“Hyper-Earthquake-Resistant System” is proposed, which positively incorporates
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the slip behaviour as a safety fuse to control the response of the structure in a manner
insensitive to potential extreme earthquake motions.
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Chapter 12
Performance-Based Seismic Design of Tall
Buildings in the Western United States

Ronald O. Hamburger and Jack P. Moehle

12.1 Introduction

The initial development of performance-based seismic design procedures in the
United States occurred in the 1980s and 1990s in response to societal reactions
to the nearly annual occurrence of damaging earthquakes in the Western United
States during this period. In a 15-year period, California experienced the 1979
Imperial Valley, 1982 Morgan Hill, 1983 Coalinga, 1986 North Palm Springs, 1987
Whittier-Narrows, 1989 Loma Prieta, 1992 Landers, Big Bear, and Petrolia, and
1994 Northridge earthquakes. These earthquakes provided many illustrations of
both the strengths and weaknesses of US building code requirements for seismic
resistance and spurred substantial evolution and improvement of the code provi-
sions. These earthquakes did not cause collapse of many modern structures, and
in general demonstrated an ability of contemporary code procedures to protect
life safety, the primary goal of the building code, at least for moderate magni-
tude events. However, these earthquakes also amply demonstrated that the building
code provisions permitted too much damage and economic loss and could readily
impair the functionality of important facilities. These earthquakes also provided fre-
quent reminders that the inventory of buildings in the United States included many
older structures that were susceptible to life-threatening damage and which posed
unacceptable seismic risks.

Some building owners and tenants, notably corporations and institutions that
conducted high-value operations in their facilities, were interested in voluntarily
upgrading their existing buildings. Engineers working on behalf of these owners
and tenants however, quickly found that before committing to upgrade a facility
these decision-makers wanted to know how their buildings would perform if they
did not undertake retrofit. Further, these decision-makers often desired to tailor the
level of retrofit to optimize their costs and benefits. These same owners and tenants
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quickly became interested in bringing these same concepts forward in the design
of new facilities, to assure that their important facilities would adequately protect
their business and operational needs and that they did not develop new buildings
that would cause unacceptable future economic losses.

Many owners and tenants, of course, were not interested in seismic upgrades
of buildings, prompting state and local governments to adopt mandatory upgrade
programs. These governments quickly found that as part of the political process of
adopting such programs, it was again necessary to demonstrate the likely perfor-
mance of buildings if no action were taken and the expected improved performance
if the proposed retrofit programs were undertaken. Thus, performance-based seismic
engineering was developed as an answer to the need of engineers and decision-
makers to define the performance of buildings before and after retrofit, as a means
of encouraging mitigation of existing building earthquake risks, and as a means to
enable the development of buildings that would perform better than those designed
to the minimum criteria contained in the building code.

The primary development of performance-based seismic design procedures
occurred with the support of the Federal Emergency Management Agency (FEMA),
which was interested in reducing the costs of future earthquakes and other disas-
ters. FEMA funded the Applied Technology Council (ATC) to develop a series
of performance-based engineering design criteria and guidelines. Working with
the professional and research communities ATC developed a series of documents
including ATC-40 [4] and FEMA-273/274 [5, 6] that defined the basis for the
present state of performance-based seismic engineering practice throughout much
of the world. In the US, these methodologies subsequently were converted by the
American Society of Civil Engineers into ASCE-31 [1] and ASCE-41 [3] standards
that could be adopted by building codes.

The technologies and procedures contained in ASCE-41 and its predecessor doc-
uments experienced widespread application in their intended use, the evaluation and
upgrade of existing buildings. Although these procedures were never intended for
use in design of new buildings, by 2003 engineers began to adopt and adapt these
procedures for exactly that purpose. However, rather than using performance-based
design as a means of designing better performing buildings, these engineers adopted
these procedures to design new buildings that could provide performance equivalent
to that intended by the building code, but at lower cost or with other advantages
attractive to building developers.

This adoption of performance-based design procedures became particularly pop-
ular for very tall buildings, contributing to the development of many of these
structures in the period 2003—2008 in Los Angeles, Seattle, San Francisco and other
western cities with significant seismic hazard. The most common application of
these procedures was to tall residential buildings, having post-tensioned concrete
flat slab floor systems supported by a ring of perimeter reinforced concrete columns
and reinforced concrete bearing walls surrounding the central elevator/utility core.
The prescriptive provisions of US building codes prohibit such construction for
buildings in excess of 50 m tall, without a dual special moment-resisting frame
capable of resisting at least 25% of the code-specified seismic design forces. Many
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of these new structures extend to nearly 200 m tall. By using performance-based
procedures, engineers were able to eliminate the moment-resisting frame, saving
cost, and more importantly, permitting exterior designs that accommodated floor to
ceiling windows and reduced story heights.

12.2 Building Regulation Issues

Western US cities generally adopt and rigorously enforce building regulations
based on the International Building Code [11]. The International Building Code
adopts prescriptive provisions for seismic design through reference to the ASCE
7 [2] standard. The seismic requirements of ASCE-7 are themselves based on the
NEHRP Recommended Provisions for Buildings and Other Structures [9]. These
requirements include force-based procedures that require demonstration of suffi-
cient strength to resist specified earthquake forces in combination with other loads
without exceeding story drift limits. The required earthquake forces are determined
using elastic acceleration response spectra reduced by response modification (R)
coefficients intended to represent the capacity of the selected structural system to
withstand inelastic response without collapse or endangerment of life safety. To
qualify for use of a given value of R, the structure must be detailed to conform to cri-
teria specified in referenced materials industry standards published by the American
Concrete Institute, American Institute of Steel Construction and other organizations.
ASCE-7 requires tall structures in zones of high seismic risk to include a special
moment-resisting frame of either steel or reinforced concrete construction, capable
of resisting at least 25% of the specified seismic design forces. The code design pro-
cedure evaluates earthquake loading for only a single design-level earthquake. This
design-level earthquake is represented by an acceleration response spectrum hav-
ing 2/3 the intensity of the Maximum Considered Earthquake (MCE) shaking upon
which the code is based. For most regions of the US this MCE shaking is defined
as having a 2%-50 year exceedance probability, though at sites close to major active
faults, the intensity is capped by a deterministic estimate of the shaking that would
result from a characteristic earthquake on those faults.

In addition to the prescriptive procedures described above, the International
Building Code includes permissive language that enables the use of alternative
procedures demonstrated to provide performance equivalent to the prescriptive pro-
visions. The burden of proof of equivalence is on the design professional and
acceptance of the proof as sufficient is at the discretion of the building official.
The use of performance-based approaches to design tall buildings in the Western
US has generally been permitted through these permissive “alternative procedure”
provisions of the code.

The building code does not limit the procedures that can be used to demon-
strate equivalence, nor in general does the building code state, other than in generic
and qualitative terms, what performance is deemed acceptable. Most engineers
and building officials seeking to apply performance-based approaches adopt target
performance contained in commentary to the NEHRP Recommended Provisions.
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This commentary states that for ordinary structures, the objective of the seismic
design provisions is to provide a low conditional probability of collapse, given the
occurrence of Maximum Considered Earthquake shaking, and to preclude, to the
extent practicable, economic losses associated with more frequent and moderate
events. The recently published FEMA P695 [7] and FEMA P750 [10] reports clarify
that the target conditional collapse probability is 10% and specify rigorous statis-
tical methods for quantification of collapse probability. However, these statistical
methods have not yet been adopted in practice and instead, engineers designing tall
buildings have adopted procedures based on ASCE-41 as described further below.

The performance-based design procedures adopted by engineers have generally
involved the use of nonlinear response history analysis with acceptance criteria
based on available laboratory testing. Most US building officials do not have the
technical expertise either to review complex analyses or interpret laboratory test
reports. As a result, building officials have generally required third party, expert
review of alternative designs as a condition of acceptance. Though procedures
vary from city to city, the third party reviews typically include multiple persons
regarded as experts in earthquake-resistant design. Usually, the third party review
team includes a practicing engineer with expertise in tall building design and seis-
mic technology, a researcher with particular knowledge of the types of structural
systems to be employed (e.g., reinforced concrete walls, steel frames, etc.) and
a geotechnical engineer. The reviews are rigorous and include consideration of
the design criteria, ground motion selection and scaling, analytical modeling and
results, and structural detailing. The review process has considerably lengthened
the design period for many structures and has often resulted in substantive change
to the design.

12.3 First-Generation Procedures

Engineers initially developed ad hoc procedures for design of tall buildings using
performance-based approaches. Later, these approaches were formalized in docu-
ments produced by engineers in Northern California [14] and Southern California
[12]. Generally, tall buildings designed using the alternative procedures conformed
to the prescriptive code provisions with limited exceptions. These exceptions
typically included exceedance of code-specified height limits, violation of code
requirements with regard to redundancy and occasional use of materials, e.g., high
strength steel and detailing procedures that were not specifically permitted in the
code. Given the general similarity of these buildings to code-prescriptive designs,
the procedures that developed typically included the following steps:

Development and approval of formal design criteria

Preliminary design

Code-level analysis

Verification of adequacy for Maximum Considered Earthquake shaking

b
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Development and approval of the design criteria is an important first step in
the process. The design criteria are stated in a formal document that includes a
description of the overall structure and its intended load-resisting mechanisms; iden-
tification of any exceptions that will be taken to the building code requirements and
the justification for these exceptions; and identification of analytical procedures,
load combinations, design ground motions, material properties and detailing. The
intent is that all substantive discussion of procedures and acceptance criteria be
obtained before the designer has expended large effort in actually performing the
design. In theory, if all procedures and assumptions are agreed to at the inception of
the project, approval of the finished design should be straightforward and attainable
without controversy. In practice, however, it is rarely possible to foresee all issues
that will arise during the design development, and many substantive criteria issues
are resolved through cooperative efforts of the designers and reviewers throughout
the project.

The preliminary design is used as a basis for the succeeding steps. Capacity-
based design procedures are typically central to the design of these buildings, with
a preferred yield mechanism identified and other elements of the structure pro-
portioned to remain elastic or essentially so, following yielding in the intended
mechanism. For tall building design, the initial sizing of elements is often controlled
by considerations of dead, live, and wind loads. In many structures, lateral design
for wind forces controls even the final sizing of many elements.

The code-level design is used to confirm the adequacy of preliminary sizing and
also to provide building officials with confidence, at a primary level, that the struc-
ture’s system is comparable to one that would be derived using the code procedures.
In this step, the engineer typically performs the code-prescribed analysis, and all
relevant code strength, deformation, and detailing evaluations, except those which
were specifically exempted in the formal design criteria. Since the building systems
used in these structures are not strictly code-compliant, R-coefficients and other fac-
tors required in the code procedures are typically selected jointly by the designers
and reviewers based on judgment.

Verification analyses are performed using three-dimensional nonlinear response
history analyses. Typically, suites of seven horizontal ground motion pairs are used
to perform the analyses. Ductile modes of behavior, including wall, slab, and beam
flexure are typically evaluated using the mean of the maxima for relevant demand
parameters (flexural strain, plastic rotation, etc.). Brittle modes of behavior, includ-
ing wall shear, column axial force, slab punching shear, etc. are typically evaluated
using either maximum demands obtained from the suites of analyses or mean
demands that have been amplified by an estimated value of the standard deviation
with the intent to provide a low probability of failure. Following procedures con-
tained in ASCE-41, models and acceptance criteria for ductile modes of behavior
are typically constructed using expected (mean) values of material properties, con-
sidering potential variability and strain hardening effects. Acceptance criteria for
brittle modes of behavior are typically developed using lower bound material prop-
erties and sometimes using resistance factors to account for potential dimensional
variability and construction quality issues.
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12.4 PEER Tall Buildings Initiative

The PEER Tall Buildings Initiative (TBI) is a cooperative program of research
and development undertaken by researchers at the Pacific Earthquake Engineering
Research Center and practicing professional engineers experienced in tall building
design. Spurred by the rapid growth in the use of performance-based seismic design
methodologies for the design of tall buildings, the goal of this initiative is to pro-
vide a sound and reliable basis for these procedures and to help assure appropriate
seismic performance of the resulting new generation of tall buildings.

The program encompasses a range of tasks intended to investigate: the dynamic
characteristics of tall buildings; the performance capability of buildings designed
using alternative procedures; societal preferences for tall building performance;
alternative means of developing ground motions for design; soil-foundation-
structure interaction effects, modeling and analysis procedures; and development
of design guidelines. The program, initiated in 2006, is funded by a variety of gov-
ernment and private agencies and includes participation by the National Science
Foundation, Federal Emergency Management Agency, United States Geologic
Survey, California Geologic Survey, California Seismic Safety Commission, the
City of Los Angeles, City of San Francisco, Applied Technology Council, Los
Angeles Tall Buildings Council, Structural Engineers Association of California, and
Southern California Earthquake Consortium, among others. The Charles Pankow
Foundation provided funding for the development of design guidelines. An impor-
tant companion report on analysis, modeling and acceptance criteria for tall
buildings [8] is available from the Applied Technology Council. Reports on other
task activities can be obtained at http://peer.berkeley.edu/tbi/index.html.

12.5 PEER Tall Building Design Guidelines

The PEER Guidelines for Seismic Design of Tall buildings represent an evolution-
ary step in the practice of performance-based seismic design of tall buildings. The
guidelines embrace the same analytical technologies adopted by engineers follow-
ing the San Francisco AB-083 and Los Angeles Tall Buildings Council criteria,
but provide more guidance on structural modeling, acceptance criteria, and ground
motion selection and scaling. An important departure from prior procedures is that
the guidelines do not require a code-level analysis in that it is anticipated that
the guidelines may be applied to structural systems for which the code response
modification coefficients will not be defined, leaving the code analysis with ques-
tionable value. In so doing, the guidelines also shift focus to the performance
objectives most commonly adopted by leading earthquake professionals today as
the intent of the building code, that is, serviceability with minimal repair for fre-
quent earthquake shaking levels and safety for rare earthquake shaking levels. With
the exception of exterior cladding systems, the guidelines address structural per-
formance only. The guidelines presume that nonstructural components and systems
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will be designed to conform to the building code criteria, but do caution that if a
building’s response characteristics are substantially different from that of typical
code-conforming buildings, additional precautions may be required. The guidelines
are written in a “recommendation” and commentary format. Recommendations are
written in mandatory language, while commentary explains the basis for the rec-
ommendations and warns of significant design issues that may not be adequately
covered by the recommendations.

As with the AB-083 and Los Angeles Tall Buildings Council criteria, designers
must prepare a formal, project-specific design criteria document. The guidelines rec-
ommend third party review of the criteria, the analyses, and the design. The guide-
lines employ two levels of analysis: a Service level and a Maximum Considered
level. The purpose of the Service-level check is to assure that the buildings will not
experience significant damage from frequent earthquakes. Much controversy sur-
rounded the selection of a Service-level shaking intensity. The 2008 edition of the
Los Angeles Tall Buildings Council guidelines [13] specified service-level shaking
with a 50% exceedance probability in 30 years (43-year mean recurrence interval),
but permitted Service-level analyses to use 5% viscous damping. Studies conducted
by the Applied Technology Council as part of the TBI effort and summarized in
the ATC-72 report, suggest that 5% viscous damping is excessive for tall buildings.
Instead, 2.5% equivalent viscous damping is more justifiable and, in keeping with
this, some participants argued for use of a Service-level event with a 25-year mean
recurrence, arguing that the response spectrum for such an event, when used with
2.5% damping, would be comparable to the 50%-30 year spectrum. Other partici-
pants believed that a 25-year recurrence for onset of damage to these buildings was
not an appropriate design objective. Eventually consensus support was achieved for
the use of a 2.5%-damped, 50%-30 year spectrum as the Service-level loading.

The stated performance goal for the Service-level event is to avoid onset of
damage that would reduce the building’s ability to withstand Maximum Considered-
level shaking or which would require repair that would necessitate removing the
building from service. It is expected that some repair of structural elements may
be necessary to restore cosmetic appearance, and fire and weather resistance.
Nonstructural damage is anticipated to be minor, but is not specifically evaluated.

The Service-level event does not provide an effective floor for a structure’s base
shear strength. Although in some highly active seismic regions, such as Los Angeles
and San Francisco, the 2.5% damped 50%-30 year spectrum will result in strength
demand comparable to that obtained following the prescriptive code criteria, in
regions of lower seismicity, such as Portland, Oregon, and Salt Lake City, Utah,
the Service-level spectrum will result in substantially less strength than would be
required for a code-conforming building. Commentary warns designers in these
regions that additional strength may be required to provide adequate margin against
collapse at the Maximum Considered level.

The guidelines require an elastic, three-dimensional response spectrum analysis
for the Service-level because the desired behavior is intended to be essentially elas-
tic and also because it is desired to assure that an elastic analysis is available to
benchmark and evaluate nonlinear models used in the Maximum Considered-level
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evaluation. Analytical models must extend to the structure’s true base, which
for most tall buildings is located several levels below grade. Soil-foundation-
structure interaction effects need not be explicitly modeled, though it is permitted
to do so. Based on analytical studies of typical buildings conducted under the
Tall Buildings Initiative, when soil-foundation-structure interaction effects are not
modeled explicitly, the mass of subgrade levels is permitted to be neglected.

Acceptance criteria include both strength and deformation. Strength is evalu-
ated by comparing computed strength demands against expected strength. Expected
strength is computed using the strength formula contained in the design speci-
fications referenced by the building code; however, mean estimates of material
properties are permitted to be used instead of minimum specified values. For exam-
ple, the design engineer can propose using concrete and reinforcing steel strengths
equal to 1.25 times the specified values, and structural steel strengths ranging from
1.1 to 1.3 times the specified values depending on the grade of steel used. Resistance
factors are not used in determining element strength for this evaluation. Computed
demand to capacity ratios may be as large as 1.5 for ductile elements and must be
less than 1.0 for other elements. Story drift at any level is not permitted to exceed
0.5% of the story height.

If some computed demand to capacity ratios exceed a value of 1.5, designers are
permitted to use three-dimensional nonlinear response history analysis to demon-
strate acceptable Service-level performance. When such analyses are performed, a
suite of not less than three horizontal ground motion pairs must be selected and mod-
ified to be compatible with the Service-level spectrum previously discussed. Either
amplitude scaling or spectral matching may be used to achieve spectrum compati-
bility following procedures presented in the guidelines. Acceptance criteria must be
developed based on suitable laboratory test data. Mean values of response parame-
ters obtained from the suite of analyses cannot exceed demand levels at which the
test data suggest the onset of strength degradation or damage, the appearance or
repair of which would result in occupancy loss.

MCE-level evaluations are performed for the same level of shaking specified
by the building code for this hazard level. The intent of the MCE evaluation is to
demonstrate that the structure is capable of surviving this level of shaking with low
probability of collapse. However, since the procedure does not include explicit col-
lapse analyses, building adequacy is implied through limiting nonlinear response to
levels at which significant margin would seem to remain. MCE evaluations are per-
formed using nonlinear response history analysis and at least seven pairs of motions
that are modified to be compatible with the MCE spectrum.

The guidelines provide extensive discussion of structural modeling techniques
and assumptions. The subject of strength degradation, in particular, receives exten-
sive discussion. Where strength degradation is explicitly modeled in a manner
that reasonably predicts the hysteretic behavior obtained from testing using var-
ied loading protocols, permissible levels of nonlinear response are relaxed relative
to analyses conducted with models that have less explicit incorporation of cyclic
strength degradation. As with Service-level evaluations, models must extend to the
true base level. Modeling of soil-foundation-structure interaction is not required, but
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can be performed. If soil-foundation-structure interaction is not explicitly modeled,
ground motions must be imparted at the structure’s true base. Models are based on
mean material properties.

As with Service-level evaluation, acceptance criteria include both strength and
deformation considerations. Demands for ductile modes of behavior are evaluated
using the equations:

0 < QOcp (12.1)
Q=D+Lepy+E (12.2)

where D is the effect due to dead load, Lexp is the effect due to expected live
load, which may be taken as 25% of the code-specified live load, and E is the
mean earthquake effect obtained from the suite of analyses. Qcp is the permissi-
ble level of action, which is limited to the deformation at which strength would
degrade to 80% of its peak value if explicit modeling of strength degradation is not
performed. If strength degradation is modeled explicitly, mean demand up to the
ultimate deformation is acceptable, as long as loss of element strength beyond the
ultimate deformation is modeled, its effect on other elements is accounted for, grav-
ity load carrying capacity is not lost, and story strength in any story does not degrade
below 80% of the undamaged strength.

Modes of behavior that are not ductile are evaluated using demand obtained from
the equation:

Q:D+Lexp+FE (12.3)

where D and Leyp are as previously defined and Fp is taken either as 1.5 E or, for
actions with strength demand limited by yielding of other elements, Fr may be
taken as:

Fr=E+ 130 > 1.2E (12.4)

where E is as previously defined and o is the standard deviation of the response
parameter as obtained from the suite of analyses. It is widely recognized that the true
dispersion of responses cannot be adequately gauged using only seven earthquake
ground motion pairs. The factor 1.5 applied to the mean response is intended to
produce a low probability (around 10%) of exceeding the reliable strength in any one
earthquake ground motion at the MCE level. It would be applicable, for example,
to wall shear strength. The alternative equation is applicable, for example, to shear
in an outrigger beam designed by capacity design methods to be limited by flexural
strength. Strength capacities are computed using expected material properties and
a resistance factor. The resistance factor may be taken as unity where failure of
the element would not result in endangerment of life safety and must be taken in
accordance with the building code otherwise.
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The mean story drift from the suite of analyses in any story is not permitted to
exceed 3% and the story drift for any single analysis is not permitted to exceed
4.5%. These limits were selected somewhat arbitrarily, based on the guideline writ-
ers’ comfort with the ability of present analytical methods to predict response at
very large deformation. In addition to limits on maximum transient story drift, the
guidelines also limit maximum residual drift. The mean value of residual drift from
the suite of analyses cannot exceed 1% of story height in any story and the max-
imum residual drift in any story from any analysis cannot exceed 1.5% of story
height.

12.6 Summary

The PEER Tall Buildings Initiative has been a successful collaboration of earth-
quake engineering researchers, practicing structural and geotechnical engineers, and
building code officials to address the need for appropriate consensus criteria for
performance-based design of tall buildings in the Western US. Though evolution-
ary rather than revolutionary in nature, the PEER Tall Building Design Guidelines
introduce significant improvements to practice in the design of these buildings.
Of particular note is the provision of modeling guidelines that more realistically
account for the nonlinear behavior of buildings than approaches previously used
by the profession, together with incorporation of more rational acceptance crite-
ria. The authors believe that the new guidelines will permit the development of
tall buildings that are more likely to meet the intended performance objectives
embedded in the building code, either than buildings designed to the prescriptive
code provisions, or buildings that have been recently designed using performance-
based approaches. Future developments in this area should include further guidance
on selection and scaling of ground motions, direct consideration of nonstructural
behavior and incorporation of explicit collapse margin investigations.
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Chapter 13
Introduction to a Model Code
for Displacement-Based Seismic Design

Timothy Sullivan, Nigel Priestley, and Gian Michele Calvi

13.1 Introduction

Despite increasing awareness that structural and non-structural damage under seis-
mic attack can be directly related to material strain levels, or drift respectively, and
hence related to displacement, the design approach in current codes is still largely
based on force (and hence acceleration) rather than displacement. Improvements in
design codes have remained within the framework of a force-based design environ-
ment. However, as demonstrated by Priestley [27, 28] there are several conceptual
drawbacks associated with the use of force-based methods in seismic design, even
when concepts of ductility capacity are included. The direct displacement-based
design (DDBD) method developed by Priestley et al. [30] and their co-researchers,
appears to be a very promising alternative to force-based design. In recent years the
Direct Displacement-Based Design (DDBD) method has undergone considerable
development with extensive research leading to the publication of a book on DDBD
[30]. More recently, a research project in Italy (RELUIS — linea IV) has led to the
publication of a Draft Model Code [3] outlining the design approach for a range of
structural typologies. In this paper, the background and motives for the new draft
model code are reviewed, the main guidelines are introduced, and important areas
for future research are identified.

13.2 Fundamentals of Direct Displacement-Based Design

Before describing the draft code in any detail, it is appropriate to review the
fundamentals of DDBD. This review is carried out with reference to Fig. 13.1.
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Fig. 13.1 Fundamentals of direct displacement-based design [30]

There are four components to the procedure:

Representation of the MDOF structure (shown in Fig. 13.1a as a frame build-
ing, though the procedure is identical for all structures) as an equivalent SDOF
structure, in terms of equivalent mass and characteristic displacement.
Representation of the force-displacement response of the equivalent SDOF struc-
ture by the secant stiffness to maximum design displacement response rather than
the pre-yield elastic stiffness, as shown in Fig. 13.1b.

Adoption of relationships between displacement ductility demand and equivalent
viscous damping, based on results of non-linear time-history analyses (NTHA),
shown in Fig. 13.1c instead of nominal elastic damping of (typically) 5% critical.
Use of design displacement spectra for different levels of equivalent viscous
damping (Fig. 13.1d).

The design procedure requires the design displaced shape corresponding to the

limit state, based on extensive inelastic analyses of typical structural forms, scaled

to

the displacement of a critical point of the structure, corresponding to limit-state
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material strain or drift limits. The following equations define the base shear demand
of the equivalent SDOF structure:

n n
Characteristic displacement: Ag = Z (m,A%) / Z (m;Ay) (13.1)
i=1

i=1

n
Equivalent mass: Mme = Z (miAy)/Ag (13.2)
i=1

n n
Effective height (buildings):  He = Y (miAH})/ Y (miA) (13.3)
i=1 i=1

Design displacement ductility: uw= i—;i (13.4)
Equivalent viscous damping: beq =0.05+C- (Mu—;l) (13.5)
Effective stiffness: K. = 47°me / Te2 (13.6)

Design base shear: F=Vg =K.Aq (13.7)

In Egs. (13.1), (13.2), (13.3), (13.4, (13.5), (13.6), and (13.7), m;, A;, and H;
are the mass, design displacement and height (for buildings) of the subscript i mass
locations of the structure, the yield displacement Ay is found from knowledge of
the yield curvature or critical sections or yield drift of critical stories, which are both
independent of strength, and dependent only on geometry and yield strain of flexural
reinforcement, and C is a constant, found from extensive NTHA dependent on hys-
teretic characteristics of the structure. With reference again to Fig. 13.1, the effective
period is found from Fig. 13.1d, entering with the characteristic displacement and
selecting the appropriate level of damping given by Eq. (13.7). The procedure thus
generally does not require iteration to achieve a valid solution; hence the proce-
dure is termed “Direct” Displacement-Based Design. Full details are available in
Priestley et al. [30].

Most seismic design codes have provisions for design based on NTHA. As a
consequence there is already a mechanism available for DDBD provided a NTHA
is used as design verification to establish conformity to code performance issues
(typically drift limits and capacity design requirements). However, there is a need
for codified design procedures which can be used for structures for which NTHA
would represent excessive design effort.

13.3 Overview of the New Model Code

The draft model code codifies the direct displacement-based design methodology in
a form that is in general compatible with key clauses of Eurocode 8 [10]. The text is
presented in a traditional “Code + Commentary” format, on a split two-column page,
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A Model Code for the Displacement-Based Seismic Design of Structures 1

CODE

1. DESIGN SEISMICITY

1.1 General: Structures shall be designed such
that performance criteria defined in Section 2 are
met for the levels of seismic intensity specified in
this section for the designated seismic zone.

1.2 Seismic Zone Considerations: For
structures in  Zone A (moderate to high
seismnicity) performance crteria for Level 1 and 2
intensity shall be met. For structures in Zone B
(low seismicity) performance criteria for Level 3
intensity shall be met.

1.3 Design Intensity Levels: The defined
probability of exceedence for a given intensity
level depends on the structural occupancy usage
and damage consequences, as defined in Table
14.

COMMENTARY

C1 Two seismic zones are specified. Zone A is
representative  of reasonably high  seismicity,
where serviceability (Level 1 EQ) and damage
control (Level 2 EQ) considerations govern the
design.

Clause 1.2 assumes that the satisfaction of
damage control criteria will govern over collapse
prevention criteria, despite the fact that the level
3 seismic hazard is of greater intensity than level
2. If future research indicates that the collapse
prevention limit state may govern, then the
requirements of Clause 1.2 should be updated.

In Zone B earthquakes are rare. However, at
very long return periods, significant seismic
intensity may occur. For these structures it is
inappropriate to design for serviceability or
damage criteria, and the single requirement is that
the building must not collapse, and there should
be no loss of life under the Level 3 earthquake.

Fig. 13.2 Extract from the draft model code illustrating the two-column page “Code + Comm-
entary” format

as can be seen from the extract presented in Fig. 13.2. The commentary aims to gen-
erally clarify the code requirements and indicate references where the background
and further discussion on the requirements can be found. Uncertainties associated
with the model code recommendations are also identified, thereby emphasising
required areas for future research.

The bulk of the text and requirements in the Model Code have been developed
from the recommendations provided in the book on DBD by Priestley et al. [30].
Chapter 14 of this book contains a draft code for a limited number of building sys-
tems which provided the starting point of the model code discussed here. Additional
scope and critical review was provided by the various research units of the RELUIS
project, reported by Calvi and Sullivan [4].

A general overview of the format, scope and current limitations of the draft model
code follows:

13.3.1 Design Seismicity

Three levels of design seismicity are defined: Level 1 (serviceability), Level 2 (dam-
age control) and Level 3 (collapse prevention). Structures in regions of moderate to
high seismicity are designed to Levels 1 and 2; structures in regions of low seismic-
ity are designed only for Level 3. Design probabilities of exceedence for the EC8
importance classification (classes I to IV) are defined in Table 13.1. Note that the
approach taken is not to define the acceptable level of risk for a given seismicity
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Table 13.1 Specified probability of exceedence for different structural categories and performance

levels

Earthquake design intensity
Importance class Level 1 Level 2 Level 3
1 Not required 50% in 50 years 10% in 50 years
1I 50% in 50 years 10% in 50 years 2% in 50 years
1 20% in 50 years 4% in 50 years 1% in 50 years
v 10% in 50 years 2% in 50 years 1% in 50 years

level as a variable with importance class, but to have uniform performance criteria
for all structures at a specified intensity level. This is felt to be more compatible
with probabilistic considerations than the use of an importance factor that increases
the design base shear. It has been shown [30] that there is little correlation between
strength and damage potential.

The form of the design displacement spectrum has been set, through consultation
with members of the Research Unit 6 of the Project S5 [8], to be that shown in
Fig. 13.3.

The shape of the displacement spectrum indicated in Fig. 13.3 is very simple in
that it only requires definition of a spectral displacement corner period, Tp, together
with the magnitude of the displacement, Ap s, at the corner period (note that suit-
able values for such parameters were one of the objectives of Project S5; refer to
Cauzzi et al. [8], Cauzzi and Faccioli [7]). One initial concern with such a spectrum
was that corresponding acceleration demands in the short period range are consid-
erably higher than normal acceleration spectra would specify. This is not normally
a problem for displacement-based design since it is the period corresponding to the
effective stiffness rather than the elastic stiffness that is used. However, to overcome
any problems for very stiff structures, the model code sets a limit on the design base
shear, as indicated in Eq. (13.8), that corresponds to the plateau of the equivalent
acceleration spectrum.

PAg4 PA4
Vo = KeAg+ C < 2.5R: PGAme + C (13.8)
H, H.
' 3
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Where V4, is the design base shear, K. is the effective stiffness, Aq is the design
displacement, C is a constant used to control P-A effects, P is the total expected
load and H. is the effective height of the equivalent SDOF system. The limit to the
base shear is set using R, the spectral reduction factor associated with the expected
energy dissipation, the peak ground acceleration (PGA) expected at the site and me,
the effective mass of the equivalent SDOF system. As such, the approach assumes
that the elastic spectral acceleration plateau can be taken as 2.5 times the PGA.
While such an approach may need refinement in the future to account for different
soil types, this new proposal is clearly a simple but effective way of obtaining rea-
sonable design base shear values for short period structures whilst maintaining the
simplified form of the design displacement spectrum.

13.3.2 Performance Criteria

In order to achieve the desired performance, deformation limits have been set for
each limit state. The draft model code has taken the initiative to set a number of
strain limits for the first time, as detailed guidance on strain limits for certain mate-
rial types (e.g. soils and structural steel) could not be found in the literature. This
fact perhaps emphasises the lack of importance that has traditionally been placed
on the role of deformations for design. While effort has been made to ensure that
the limits indicated in the draft model code will provide the intended structural per-
formance, it is expected that as the relationships between damage and deformation
become better quantified (particularly for non-structural elements) the model code
will be updated and revised.

In addition to maximum drift and strain limits, the model code has also pro-
posed residual drift limits. A considerable amount of research into the control of
residual deformations has been undertaken by MacRae [17], Kawashima et al. [15],
Pampanin et al. [20], Christopoulos et al. [11], Ruiz-Garcia and Miranda [34], Uma
et al. [37], and Pettinga et al. [24] amongst others. However, except for the case
of retaining structures (for which the residual drift is considered similar to a peak
displacement) the residual drift limits are not obligatory in the code owing to the
current difficulty that exists in proving compliance for normal structural solutions
and uncertainty as to appropriate residual drift limits.

13.3.3 Structural Typologies Considered in the Draft Code

Design recommendations for a wide range of structural typologies are presented
in the draft Model Code. In many cases these are based on detailed and exten-
sive research results, but in some cases the research base is less extensive.
Table 13.2 defines the typologies considered, and makes comments about the status
of supporting research background, highlighting areas where additional research is
needed.
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Table 13.2 Status of guidelines for structural typologies included in draft model code

Structural typology Status of direct DBD guidelines in model code

RC frames Comprehensive guidelines developed and verified (refer [31, 25, 30]).
RC walls Comprehensive guidelines developed and verified (refer [31, 30, 2]).
Coupled RC walls Comprehensive guidelines developed and verified (refer [22, 30]).

RC frame-walls
Composite structures

Steel MRFs

Steel CBFs

Steel EBFs

Steel BRB frames

Pre-cast concrete
structures

Hybrid RC Walls and
Frames

Timber portal structures

Timber framed wall
structures

Unreinforced masonry

Isolated buildings

Structures with added
damping

RC bridges

Isolated Bridges

Shallow Foundations

Deep Foundations

Retaining Structures

Comprehensive guidelines developed and verified (refer [36, 30]).

Few guidelines for DBD of composite systems and therefore additional
research required.

Guidelines provided for MRFs possessing connections that provide the
system with Ramberg-Osgood hysteretic characteristics [30].
Recommendations required for different joint types.

Guidelines provided for inverted V brace systems, verified on a limited
number of case studies by Della Corte and Mazzolani [13]. Calibrated
expressions for the equivalent viscous damping specific to CBF
systems still under development.

Little work done on DBD of EBF systems and therefore additional
research required.

Equivalent viscous damping expressions currently based on bi-linear
hysteresis and could be refined. Displacement profiles of Della
Corte [12].

Guidelines from work of Belleri and Riva [1] on precast column base
connections. Guidelines to be extended as part of future developments.

Expressions for equivalent viscous damping from Priestley et al. [30]
and Pennucci et al. [23]. References also to work by Priestley et al.
[33]. Further refinements expected in future.

Guidelines developed for annular bolted joints by Zonta et al. [39].
Recommendations required for other connection types.

Guidelines provided based on general findings and
recommendations [14].

Further work required to verify deformation limits. Current limits stem
from work of Magenes and Calvi [18].

Recommendations taken from initial work of Priestley et al. [30] and
developed by Cardone et al. [5].

Limited guidelines provided in model code and therefore additional
research required.

Recommendations taken from initial work of Kowalsky et al. [16], and
Priestley and Calvi [29] with refinements in line with findings of Ortiz
Restrepo [19] and Zapata Montoya [38].

Recommendations taken from initial work of Priestley et al. [32] and
developed by Pietra et al. [26] and Cardone et al. [6].

General DDBD approach formulated by Priestley et al. [30] to consider
SSI and developed and tested for bridge piers by Paolucci et al. [21].
Further development required.

Little work done on DBD of deep foundation systems and therefore
additional research required. Some guidelines provided for certain
bridge pier-pile systems based on work of Suarez and Kowalsky [35].

Preliminary guidelines provided by Cecconi et al. [9] for diaphragm
cantilever walls. Further work in this area is required to validate
expressions and provide guidelines for other retaining systems.
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13.3.4 Design Displacement Profiles

Direct displacement-based seismic design relies on determining the fundamental
inelastic mode shape, and accounting for the influence of higher modes on displace-
ment amplification, where significant, by the incorporation of design-displacement
(or drift) reduction factors. Design profiles are thus defined in the Model Code for
regular structures, based on the results of NTHA or derived from first principles. For
example, for regular frame structures, the design displacement profile is

(4Hy, — hi)

A; = wpbch;.————
i w901(4Hn—h1)

(13.9)
Where wg (= 1.15—-0.0034 H,, < 1.0) is a reduction factor for higher mode amplifi-
cation of drift, H,, is the total building height, 4; and & are the heights of level i and
1 respectively, and 6 is the code drift limit for the limit state considered. Note that it
is assumed in this equation that material strain limits will not govern design, which
is expected to be the case for regular frame structures. In cases of spans with very
deep beams and short bay lengths this may not be the case, and drifts corresponding
to strain limits may need to be substituted for 6. in Eq. (13.9).

For some structures, particularly when the structural form is irregular (as, for
example, is commonly the case with bridges) the Code-specified shape is expected
to be approximate only, and an iterative approach to design is needed to finalize the
required base shear strength.

13.3.5 Equivalent Viscous Damping

In general, the code uses relationships between equivalent viscous damping and dis-
placement ductility demand in the format defined by Eq. (13.5), with the coefficient
C defined for different structural systems based on the results of NTHA. Exceptions
occur for timber structures, unreinforced masonry structures, and certain seismic
isolation systems where the format of Eq. (13.5) is inappropriate. For example, the
equivalent viscous damping of walls formed from timber framing with plywood
sheathing is defined, based on work of Filiatraut and Folz [14], as

10% < éeq = 60 < 18% (13.10)
where 6. is again the design drift. Code provisions also define the system damping

when a number of different structural elements, with different equivalent viscous
damping values, contribute to the seismic resistance.

13.3.6 Capacity Design

Common capacity design requirements for determining the minimum safe strength
of members and actions to be protected against inelastic response, such as those
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included in EC8, have been critically examined in Priestley et al [30]. In particular
it is noted that using elastic modal analysis results divided by a behaviour factor
is non conservative for RC wall structures as higher mode contributions to actions
are not significantly reduced by ductility in the fundamental mode of response. The
recommendations in Priestley et al. [30] have largely been adopted in the model
Code, and consist of three alternative approaches:

1. Capacity-protected actions (i.e. moments and shears) may be determined by
NTHA of the structure, where conservatively high estimates of material strength
in plastic hinge regions must be used.

2. A modified modal superposition approach in which higher mode forces obtained
from modal analyses of the structure possessing effective stiffness characteristics
are combined with overstrength 1st mode forces.

3. Capacity-protected actions are estimated using empirical dynamic amplification
factors, in a similar fashion to approaches in current codes.

13.3.7 Additional Aspects of the Draft Model Code

P-A Effects: In the seismic design of a structure there are many complex phenomena
that should be considered. However, in order to ensure a practical set of guidelines,
efforts have been made to maintain simplified procedures whenever possible. For
example, in order to control P-A effects, special analyses are not specified in the
code and instead the design base shear includes a single P-A component which can
be seen on the right side of Eq. (13.8). This term is in line with the recommen-
dations of Priestley et al. [30] and accounts for different hysteretic types through a
P-A constant C. Values of C of 1.0 and 0.5 are specified for steel and concrete struc-
tures respectively, thereby enabling designers to quickly account for P-A effects in
calculating the required design strength.

Torsion: Another example of the desire to maintain simplicity is the simple pro-
cedure that has been provided to account for the twist that can develop for structures
that are irregular in plan. Twist of a structure tends to increase the deformations on
one side of a structure, and if not accounted for peak drifts would exceed the design
drifts in this region. To account for such behaviour in a simplified manner, the design
displacement of a system is modified according to the expected torsional rotation,
On, as shown in Eq. (13.11).

Aa= Z (miAiz)/ Z (miA;) — On.xcp—cm (13.11)
i=1

i=1

Where xcp_cm is the distance between the critical point (CP) on plan and the
centre of mass (CM). The critical torsional rotation of the floor, 6, should be deter-
mined considering the deformations that occur due to torsion at the different points
of the structure relative to the centre, and are positive when the CP displaces further
than the CM, or negative when the CP displaces less than the CM.
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Research by Beyer et al. [2] indicated that the displacements of the perime-
ter of a plan-irregular building are typically not greater than 10% the centre of
mass displacements if the strength eccentricity is zero. Effectively, the findings of
Beyer et al. [2] indicate that the inelastic twist of a structure can be controlled by
designing for zero strength eccentricity. As such, the model code states that the
expected floor rotation can be obtained from elastic analyses if the structure is pro-
vided with zero strength eccentricity. Alternatively, the model code suggests (in the
Commentary) that torsion be allowed for through advanced analyses or following
the recommendations provided by Priestley et al. [30].

13.4 Conclusions

Developments in the field of displacement-based design have lead to the recent
publication of a draft model code for DBD that provides a useful tool for
performance-based design. This paper has reviewed the background and motives for
the new code and has provided a general preview of the key code requirements. The
model code aims to provide simple means of controlling complex phenomena and
this has been highlighted by reviewing the code guidelines for P-A effects and tor-
sion. It has been shown that a large range of structural typologies are covered by the
code but that recommendations for certain structural types still require considerable
development and research.
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Chapter 14

A Performance-Based Seismic Design Procedure
for 3D R/C Buildings, Explicitly Accounting

for Deformation Control

Andreas J. Kappos and Sotiria Stefanidou

14.1 Introduction

Performance-based seismic design (PBSD) is a conceptual design framework
wherein design criteria are expressed in terms of performance objectives (such as
serviceability, damage limitation, and life safety) for a structure subjected to dis-
tinct levels of seismic action [17]. A comprehensive presentation of PBSD and
displacement-based design procedures is given in an fib document [9], where an
interesting comparative study of eight methods applied to five different idealised
building types is included, also reported in [19]. It is worth noting that “direct
displacement-based design” is also included as an alternative design method in the
provisions of the SEAOC Blue Book [18].

The method addressed herein, initially proposed in [10, 12], requires, as a first
step, the use of conventional elastic analysis to obtain a basic strength level, while a
detailed partially inelastic model is then developed, wherein members are permitted
to exhibit inelastic behaviour only at predetermined locations. The procedure relates
the detailing of critical sections to the local deformation demand (rotations or curva-
tures); the latter are determined using inelastic response-history analysis (inelastic
static analysis can also be used for regular buildings, as suggested in [12]).

In the new version of the method, presented herein, a number of improvements
are introduced, the key one being that the design of structural members is not only
carried out for different performance levels, but it also ensures that their inelastic
deformations fall within the range of values selected for keeping the damage level
for the specific performance level adequately low. Further improvements include a
revised safety format and the scaling procedure used in response-history analysis.
The new method is applied to two alternative configurations of an irregular 10-storey
R/C frame building, which is also designed according to the provisions of Eurocodes
2 and 8 [4, 5] for two different ductility classes. The seismic design of the building
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according to the Code provisions is compared with that to the proposed method;
then the seismic performance of all designs is assessed using a fully inelastic model
and additional ground motions not used in design. Pertinent conclusions are drawn,
regarding both economy and structural performance issues.

14.2 Description of the Proposed Method

In earlier versions [10, 12, 13] of the proposed method inelastic deformations were
included as a design verification, not as a design parameter. To overcome this weak-
ness, the writers sought a direct deformation-based design method, maintaining the
key features of the aforementioned performance-based procedure. Moreover, while
the application of earlier versions of the design method was restricted to regular
buildings, the method is applied here to multistorey irregular buildings with set-
backs, noting that response-history analysis based procedures appear better suited
to irregular structural systems [19]. The steps involved in the proposed “direct
deformation-based design method” are described in the following.

Step 1: Flexural Design of Plastic Hinge Zones Based
on Serviceability Criteria

The purpose of this step is the establishment of a basic level of strength in the
structure that would ensure that the structure remains serviceable (“immediate occu-
pancy” requirement in FEMA 273 [8] and ASCE Standard 41-07 [2]) after an
earthquake having a high probability of exceedance (usually taken as 50%/50 years).
The verifications include specific limits for member ductility factors and plastic
hinge rotations of critical members (see Step 4) and the corresponding demands
are estimated from inelastic analysis of a reduced inelastic model of the structure
(described in Step 3). Hence, an initial analysis is required, which would provide
the strength of the members (energy dissipation zones) that will respond inelasti-
cally during the serviceability verification; this analysis constitutes Step 1 and is a
vital part of the proposed procedure.

The design of selected dissipation zones like the beam ends and the bases
of ground storey columns, is carried out using conventional elastic analysis. The
strength of these zones is estimated taking into consideration the range within which
the inelastic deformations should fall, which corresponds to the degree of damage
allowed for the selected performance level. The procedure proposed in the follow-
ing leads to reaching the permissible values of inelastic deformations (expressed
through rotational ductility factors), since the latter are directly related to the reduc-
tion of element forces corresponding to elastic behaviour. This is a critical feature,
not included in previous versions of the method that simply included a serviceability
check, the result of which typically was that most members either remained elastic
or were well below the allowable deformation limits [13].
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To reach the aforementioned goal, element forces and rotations are first obtained
from the results of an elastic analysis. Design for flexure is carried out in terms of
design values, using commonly available design aids. On the other hand, service-
ability checks are based on the results of inelastic analysis, for which mean values
are commonly adopted; furthermore, several members are expected to posses some
overstrength with respect to the design moments used in their dimensioning, due to
detailing requirements, i.e. rounding (upwards) of required reinforcement areas and
use of minimum reinforcement specified by codes. For these two reasons, the initial
elastic analysis should be carried out for an appropriate fraction v, of the earth-
quake level associated with the serviceability performance level (50%/50 years);
the suggested value is v,=2/3.

Subsequently, elastic rotations (0.]) are related to the corresponding inelastic
ones (fine1), using an empirical procedure (like that proposed in [15]). Referring
to Fig. 14.1, having defined the target rotational ductility factor (t9) and the max-
imum inelastic rotation, Ojpe (this is the total chord rotation, not the plastic one),
from the 6 found in the elastic analysis, the yield rotation (6y) is calculated for
every structural member. For simplicity of the procedure one could assume first that
M-6 response is elastic-perfectly plastic (as in Fig. 14.1) and second that the slope
of the elastic and the elastoplastic M-6 diagram is the same. Then the correspond-
ing yield moment (My) can be easily computed, as the intersection of the elastic
part of the diagram and the vertical line drawn at 6y, as shown in Fig. 14.1; this is
the moment to be used for (flexural) design. A more accurate, and somewhat more
involved, procedure, accounting for the fact that an increase in deformation does not
come with a proportional decrease in design force, i.e. the slope of the first branch
in the elastic and the elastoplastic diagram is different, is described in [14]. The
differences in the yield moments resulting from the accurate procedure from those
from the simplified one are not large (less than 10% on the average, but in some
instances they are higher, especially for the positive My).

According to the aforementioned procedure, the reduced design forces are com-
puted for every beam element, and they are directly related to the target rotational
ductility selected for the serviceability performance level. The longitudinal rein-
forcement demand for the beams is calculated using standard flexural design
procedures [16] and compared to the minimum requirements according to code

Fig. 14.1 Elastic and
elastoplastic M-0 diagram
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provisions. In case the longitudinal reinforcement demands are found to be less
than the minimum requirements, reduction of cross-sections is in order (reduction
of stiffness), otherwise deformations for the considered performance level will be
less than the allowable ones; clearly, this stage involves striking a balance between
economy and performance.

Step 2: Selection of Seismic Actions

The response-history analyses necessary for seismic design according to the pro-
posed method require the definition of appropriately selected input seismic motions.
The accelerogram set used for the analysis should include a pair of components
for every seismic motion and it is recommended that it be selected based on the
results of a seismic hazard analysis (“deaggregation” phase, wherein M and R for
the site in consideration are determined). Hence the selected input seismic motions
should conform to certain criteria concerning magnitude (e.g. My = 6.0~6.5),
and epicentral distance (e.g. R = 10~25 km), and also peak ground acceleration
(PGA>~0.1g).

The earthquake motions used for design, should be properly scaled in order to
correspond to the level associated with the limit state examined (“‘serviceability”
limit state for the design of energy dissipation zones, and “life safety” for the other
members). Several scaling procedures have been explored [11] and the one adopted
by EC8-Part 2 [6] is used here, duly tailored to the needs of the performance-based
design method.

Step 3: Set-Up of the Partially Inelastic Model

During this step a partially inelastic model (PIM) of the structure is set up, where
the beams and the base of ground storey columns (and walls, if present) are mod-
elled as yielding elements, with their strength based on the reinforcement calculated
for reduced element forces according to the inelastic deformations allowed for the
serviceability limit state (step 1). In the same model, the remaining columns (and
walls) are modelled as elastic members.

Step 4: Serviceability Verifications

The usage of inelastic dynamic response-history analysis in the PIM, involves a
set of recorded motions scaled to the intensity corresponding to the serviceability
level. The verifications include specific limits for maximum drifts and plastic hinge
rotations of critical members; recommended interstorey drift values range from 0.2
to 0.5% the storey height, while permissible plastic hinge rotations vary between
0.001 and 0.005 rad for columns and about 0.005 rad for beams. The purpose of
this step, apart from checking the inelastic performance of the structural system,
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is the verification that the required rotational ductility factor (1) of beams and
bases of ground storey columns is consistent with the values considered during the
design. Hence, this step is basically an assessment (or verification) of the seismic
response of the structure for the “serviceability” level; in principle, it can be skipped
if adequate calibration of the method is carried out in the future.

Since inelastic dynamic analysis is used in order to check the seismic response
of the structure for the aforementioned performance level, mean values of material
strength are considered (fem and fym for concrete and steel respectively).

Step 5: Design of Longitudinal Reinforcement in Columns (and
walls) for the “Life Safety” Limit State

The design of members (such as columns at locations other than the base of the
structure) considered elastic in setting up the PIM, is based on the results of inelas-
tic response-history analyses of the aforementioned model for each of the selected
sets of input motions properly scaled to the intensity of the earthquake associ-
ated with the “life safety” requirement (probability of exceedance 10%/50 years).
Simultaneous values of M, M>, N are considered (biaxial bending and axial force),
while the design is based on the most critical combinations. Consideration of mean
values of material strength during the design leads to an overestimation of the lon-
gitudinal reinforcement of columns [11]. Since the input to the columns directly
depends on the strength of the adjoining beams (designed to form plastic hinges)
and the latter’s yield moments are based on the mean value of steel strength (fym),
then design column moments are over-estimated by the ratio fym/fyq (equal to 1.26),
which is deemed as over-conservative. The specific performance objective to be sat-
isfied is that for the considered seismic action (10%/50 years) columns should not
yield (except at the base), and mean values of column yield moments are used for
this verification; hence the 1.26 factor is redundant. Since design for biaxial bending
was carried out using commonly available design aids (based on fcq, fya) [16] it was
more convenient to use design values of material strength in the dynamic analysis
of the PIM as well as in the design of the columns.

Step 6: Design for Shear

To account for the less ductile nature of this mode of failure, shear forces should cor-
respond to seismic actions corresponding to the 2%/50 years earthquake (associated
with the “collapse prevention” performance level). However, to simplify the design
procedure, design and detailing for shear can be carried out using shear forces calcu-
lated from inelastic response-history analysis for the seismic action associated with
the “life safety” performance level, and implicitly relate them to those correspond-
ing to the 2%/50 years earthquake through appropriately selected magnification
factors (yy); recommended y factors [13] for beams and columns are equal to
1.20 and 1.15 respectively.
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Step 7: Detailing for Confinement, Anchorages and Lap Splices

Detailing of all members for confinement, anchorages and lap splices, is carried
out with due consideration of the level of inelasticity expected in each member.
Structural members where the development of extended inelastic performance is
anticipated (bases of ground storey columns or walls), are detailed according to
the provisions of EC8 [5] concerning ductility class “Medium” (“DCM”), while
others where inelastic performance is expected to be restricted (columns of upper
storeys) are detailed according to the provisions for ductility class “Low” (“DCL”),
essentially those of EC2 [4].

14.3 Application to Ten-Storey Buildings with Setbacks

The geometry of the ten-storey reinforced concrete building with setbacks at the two
upper storeys, having a 3D frame structural system is shown in Fig. 14.2. The build-
ing was first designed according to the provisions of EC8 [5] for ductility classes
“M” and “H”, and then redesigned to the performance/deformation-based procedure
described in Section 14.2.

14.3.1 Discussion of Different Design Aspects

The design ground acceleration was taken equal to 0.24g, while ground conditions
were assumed to be type “B” according to EC8 classification. The materials used
for design were concrete class C25/30 and steel SS00 [4]. The structure is classified
as irregular in both directions according to the provisions of EC8, which has reper-
cussions on the behaviour factor g and the type of analysis to be used for design.
The g-factors for the DCH and DCM structures, were found equal to 4.14 and
2.76, respectively. The method of analysis used was the response spectrum method,

-

Fig. 14.2 3D view (left) and geometry of typical frames of 10-storey building
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since the equivalent static method is not allowed in the case of irregular buildings.
The rigidity of structural members was taken equal to 0.5EI, for all members, as
prescribed in ECS.

In applying the direct deformation-based method, both elastic and inelastic anal-
yses of the structure were carried out using the software package Ruaumoko 3D [3];
modelling of members’ inelastic performance was done by means of a spread plas-
ticity model and bilinear elastoplastic hysteresis rule. The effective rigidity was
taken equal to 50% the gross section rigidity (Ely) for T-beams and for columns
(same as in EC8). For the dynamic response-history analyses, a set of six pairs
of actually recorded motions was selected from the European Database [1] and a
synthetic record was added to form the final set of 7 records. All input motions
were scaled to the intensity of the design spectrum (the same used for EC8 design),
and pairs of horizontal components were applied simultaneously in each horizontal
direction of the structure. The resulting longitudinal reinforcement demands were
found to be generally less than the minimum Eurocode requirements. This hinted to
the need for re-dimensioning the cross sections initially selected for the structural
members (especially beams). Therefore, the proposed design method was addition-
ally applied to a second structure (“Building 2”) having the same geometry as
Building 1 depicted in Fig. 14.2 and properly reduced cross sections (details are
given in [14]).

Design according to the provisions of EC8 was applied mainly with a view
to comparing the required reinforcement to the one resulting from the proposed
design procedure, and providing a basis for evaluating the performance of complex
structures designed to different methods.

14.3.2 Evaluation of Different Designs

The quantity of steel required in each member type is shown in Fig. 14.3 for the
three different designs; it is clear that the application of the PBD method led to lower
total reinforcement demands, the more important difference being in the transverse
reinforcement in columns, which also implies easier detailing on site.

The seismic performance of the alternative designs was assessed by carrying out
inelastic response-history analysis of fully inelastic models of the 3D R/C buildings
(as opposed to the partially inelastic model used in design). A total of eight pairs of
ground motion records were used (an extra pair was added to those used for design,
and scaling factors were all adjusted accordingly in the new set). Verifications
regarding interstorey drifts and plastic rotations were carried out for different levels
of seismic action (50%/50 years, 10%/50 years and 2%/50 years), related to ser-
viceability, life safety and collapse prevention objectives. Additional to the set of
analyses based on stiffness assumptions corresponding to moderate levels of inelas-
ticity (Elef = 0.5Ely), extra analyses were carried out, where the secant stiffness of
the cracked section at yield, Elef = My /¢y, was used for all R/C members.

From the drifts at the serviceability-related earthquake shown in Fig. 14.4, it
is clear that the seismic performance of both the EC8 designs and the building
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Fig. 14.3 Required amount of steel in beams and columns for code design (EC8) and PBD

designed for target deformations having the same cross-sections was very satisfac-
tory. Moreover, the maximum value (average of 7 motions) of interstorey drift ratio,
was equal to 0.32% for the PBD Building 1 (recorded at the 9th storey, i.e. at the set-
back), and increased to only 0.35% when a number of cross-sections were reduced
(“Building 2”). As far as the development of plastic hinge rotations is concerned,
the values obtained from the results of inelastic response-history analysis are signif-
icantly lower than the adopted serviceability limits (maximum value equal to about
0.002 and 0.003 for buildings 1 and 2, respectively).
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Fig. 14.4 Serviceability verification: (a) Building 1 — interstorey drifts in x-direction
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From the several results of the performance assessment of the alternative designs
of the irregular 10-storey building for the various levels of earthquake intensity,
reported in detail in [14], which showed that both the EC8-designed buildings and
those designed to the PBD satisfied the “life safety” criteria for the 10%/50 years
event and the “collapse prevention” criteria for the 2%/50 years event, a poten-
tially critical situation is shown in Fig. 14.5. It refers to the case that the 8 pairs of
records were scaled to the intensity of the 2%/50 years earthquake and all R/C mem-
bers were modelled with the reduced stiffness (Eler = My/py, ), i.e. lower than those
used for design; furthermore, the results are for Building 2 (reduced cross-sections),
hence this is expected to be a critical case.

It is noted in Fig. 14.5 that even in this extreme case the maximum drift value
(average of 8 records) is equal to 1.4% for Building 2 (and 1.3% for Building 1,
not shown in Fig. 14.5), values that fall well below the allowable limits for R/C
frame structures [7]. It is noted that analysis results should be interpreted on the
basis of the average of the calculated values of each response-history analysis set,
since the scaling procedure was based on the consideration of a mean spectrum.
As depicted in Fig. 14.5, some analysis results (typically the ones concerning the
synthetic ground motion in the set) can lead to an overestimation of interstorey drift
values.

Finally, regarding the plastic hinges developed, the corresponding rotations were
quite low in all cases, while the values of column plastic hinge rotations are very
low compared to those in beams [14]; hence a ductile failure mechanism is ensured
for all limit states considered.
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14.4 Concluding Remarks

The main goal of the presented study was the development of a seismic design pro-
cedure for 3D R/C structures that leads to adequate seismic reliability, concerning
the inelastic deformations as a parameter of design and not as an a-posteriori control
parameter for the verification of seismic performance. A key point of the proposed
method is that the degree of damage allowed for every distinct performance level
can be related to the allowable values of inelastic deformations and eventually to
reduced design forces of structural elements. Hence, the seismic design, in addi-
tion to ensuring the development of a ductile plastic mechanism, also predefines
a desirable level of inelastic deformation. Extension of the method to multi-storey
buildings with setbacks was deemed necessary in order to explore its applicability.
Furthermore, the structures considered were also designed according to the provi-
sions of EC8 for two different ductility classes (M and H), to compare, in economic
and performance terms, the results of the two design methods.

Assessment of the multi-storey buildings with setbacks designed according to the
proposed deformation-based design method, was found to lead to a very satisfactory
seismic performance under earthquake levels associated with life safety and collapse
prevention. Furthermore, a worst-case scenario assuming secant values at yield for
member rigidities and the “rare” earthquake level (related to the collapse-prevention
objective) has shown that the PBD-designed building still performs satisfactorily,
since the estimated drifts are well within the allowable values for R/C frames.

Notwithstanding its greater complexity compared to the current code procedures,
the results of applying the proposed method to the design of irregular structures
were encouraging. Since the deformation-based method accounts for the design
according to the inelastic deformations anticipated for every performance level,
basically the ductility of each member, the cross-sections required for the specific
performance can be defined. Eventually, by designing according to the proposed
deformation-based design method, economy is obtained (in comparison to Code
design), concerning not only the cross-sections used but also the reinforcement
requirements (especially the transverse reinforcement of columns).

Finally, it should be noted that, so far, the validity of the procedure has been veri-
fied for the case of regular and irregular 3D R/C buildings having a frame structural
system. Clearly the relevance and feasibility of the proposed approach will emerge
by applying it also to dual (wall + frame) systems.
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Chapter 15
A New Seismic Design Method for Steel
Structures

Theodore L. Karavasilis, Nikitas Bazeos, and Dimitri E. Beskos

15.1 Introduction

The current procedure for seismic design of new building structures is termed force-
based design (FBD) since it uses seismic forces as the main design parameters. This
design method [2] demands the design of the building against structural failures
which might endanger human life on the basis of recommended constant values
of the behavior (or strength reduction) factor, ¢, and checks deformations beyond
which service requirements are no longer met after the detailing of the structure.
The tentative guidelines for performance-based seismic design (PBSD) according
to SEAOC [4] present two alternative forms of displacement-based design of new
structures, namely, the direct displacement-based design (DDBD) method and the
equal-displacement-based design (EDB) one. Contrary to FBD, those displacement-
based procedures employ the maximum interstorey drift ratio (/DR) for describing
performance levels and also treat user-defined values of the IDR as input variables
for the initiation of the design process. However, these methods are limited in that
they are applicable only to regular frames, adopt an equivalent linear (DDBD) or
nonlinear (EBD) SDOF representation of the building, do not recognise basic dif-
ferences in the response due to different lateral load resisting systems and try to
control both structural and non-structural damage by imposing limits only on drift
demands.

This paper proposes a performance-based seismic design methodology for steel
building frames which combines the advantages of the well-known force-based and
displacement-based seismic design methods in a hybrid force/displacement (HFD)
design scheme. The method has been evolved from previous preliminary works of
the authors [5, 6] and its present (latest) version is firmly supported by extensive
parametric studies of the authors [9-11, 7] on the inelastic seismic response of pla-
nar steel frames. The main characteristic of the proposed method are: (1) it treats
both drift and ductility demands as input variables for the initiation of the design
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process; (2) it does not use a substitute single degree of freedom system; (3) it
makes use of current seismic code approaches as much as possible (e.g., conven-
tional elastic response spectrum analysis and design); (4) it includes the influence of
the number of storeys; (5) it recognizes the influence of the type of the lateral load
resisting system (moment resisting frame (MRF) or concentrically braced frame
(CBF)); (6) it recognizes the influence of geometrical (setbacks) or mass irregu-
larities. A recent comparison of the HFD, FBD and DDBD procedures for plane
regular steel MRF yielded favorable results for HFD [1], while recent research work
explores the extension of the method to the case of pulse-like (near-fault or soft-soil
sites) earthquake ground motions [12].

15.2 Steps of Proposed Design Method

The proposed hybrid force/displacement (HFD) seismic design procedure can be
summarized in the following steps:

(1) Definition of the basic building attributes. With reference to the types of
frames depicted in Fig. 15.1, definition of the number of storeys, 15, number of bays,
ny, bay widths and storey heights, presence of setbacks (geometrical irregularity),
different use of a specific floor compared to the adjacent ones (mass irregularity) and
limits on the depth of beams and columns due to possible architectural requirements.

(2) Definition of the design performance level. For example, immediate occu-
pancy (IO) under the frequently occurred earthquake (FOE), life safety (LS) under
the design basis earthquake (DBE) or collapse prevention (CP) under the maximum
considered earthquake (MCE).

(3) Definition of the input parameters (performance and irregularity metrics).

(1) Performance metrics. Definition of the acceptable values of the maximum /DR
and maximum local ductility (rotation ductility pg for beams/columns and
cyclic elongation ductility L.y for braces) along the height of the frame.

(1) Irregularity metrics. For MRF with setbacks, quantification of the geometrical
irregularity through the indices ® and @y, which, with reference to Fig. 15.2,
are given by the formulae [10]

L1lL1lL A G N N A A N

Fig. 15.1 Types of planar steel building frames considered in the HFD seismic design method
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Fig. 15.2 Geometry of frame
with setbacks for definition of < Ls >
geometrical irregularity
indices P L A -
H, H,
< Ly H,
v v v
i=ng—1 i=np—1
1 L 1 H;
o, = : Z Op = : Z — (15.1)
ns—1 = Lin np—1 = Hiy

For MRF with mass irregularity, definition of the location (bottom, mid-height
or top of the building) of the location (bottom, mid-height or top of the building) of
the mass discontinuity [11].

(4) Estimation of the input variables (yield roof displacement and mechanical
characteristics).

(i) Estimation of the yield roof displacement, u.y. This displacement corresponds to
the formation of the first plastic hinge (for MRF) or to the initiation of buckling
(for CBF).

(i1) Estimation of mechanical characteristics. For MRF, estimation of the column-
to-beam strength ratio, a, and beam-to-column stiffness ratio, p [9]

g MRc,1,av o= > /Dy
MRB,av Z (I/l)c

(15.2)

where MRc,1.av is the average of the plastic moments of resistance of the columns
of the first storey, MRp av is the average of the plastic moments of resistance of the
beams of all the storeys of the frame, and [ and [ are the second moment of inertia
and length of the steel member (column c or beam b). For CBF, estimation of the
fundamental period of vibration, T, brace slenderness, X, and ratio, a (contribution
of the columns over that of the diagonals to the storey stiffness) [7]

l Sy i=1

Vbase
rr VE “T % Aly

(15.3)

where [ is the buckling length, r is the radius of gyration of the cross section, fy is
the yield strength of the material, E is the Young’s modulus, / is the second moment
of inertia of the columns, # is the storey height, k the storey stiffness, Vipase is the
frame shear strength at the base and Ay, is the yield displacement of first storey.
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Good initial estimates of the aforementioned input variables may be obtained
by designing the frame only for strength requirements under the FOE earthquake
by assuming elastic behaviour, i.e., with ¢ = 1. The capacity design rules and the
gravity load combination should be also considered in order to improve the initial
estimation of the input variables of the proposed method.

The characteristics A, a and p vary along the height of a steel frame and therefore,
their nominal values are taken equal to those of the storey closest to mid-height of
the building.

(5) Transformation of local performance metrics to target roof displacement.
Transformation of the IDRp,x to target maximum roof displacement, upmax, by
employing the relation

Urmax(IDR) = B - IDRy,x - H (15.4)

where H is the building height from its base and S is a coefficient depending on
building properties and calculated through

B=1-=0.19-(ny — 1.0)0*. p014. =019 (15.5)
for regular MRF [9];
B=1-042(ns — 1.0)"004 ;0706 ,—0038 7013 y~0:029 (15.6)

for regular CBF [7], where y is the distribution of strength up the height of the frame
according to MacRae et al. [8];

B=1-013-(ns— 1.0)*52. @238 . )14 (15.7)

for irregular MRF with setbacks [10] and finally;

B=1-0.18-(ng — HO*.a 013 (15.8a)
B=1-=0.17-(ng — ). 404 (15.8b)
B=1—-0.12-(ng — 1)%6. 47028 (15.8¢)

for irregular MRF with mass discontinuities located near to bottom, midheight and
top of the building, respectively [11].

Transformation of local ductility to target roof displacement by employing the
relation

Urmax(u) = M - Ury (15.9)
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where the roof displacement ductility, u, is associated with local ductility
through

w=1+135-(ug — 1)080. 043,031 (15.10)

for regular MRF [9];
w=1+084. (up — 1)05. p011.,049, 50119 (15.11)

for regular CBF [7];
p=1+044.(ug — )12 .02 (15.12)

for irregular MRF with setbacks [10] and finally;

w=14050-(ug — 2.0 (15.13a)
w=1+078 (g —1) (15.13b)
w=14050-(ug— D0 (15.13¢)

for irregular MRF with mass discontinuities located near to the bottom, midheight
and top of the building, respectively [11].

The design target roof displacement, #max(d), is defined as the minimum value of
Urmax(IDR) and Urmax(u)-

(6) Calculation of the behavior (or strength reduction) factor. Calculation of the
design value of the roof displacement ductility

Uy max(d)

g = rmax(@ (15.14)
Ury

and then, calculation of the required strength reduction factor

g=1+139-(ug—1) for ug <58 (15.15a)
g=1+884.(u4¥? —1) for pug> 58 (15.15b)

for regular MRF [9];
g=1+028(u— 104 37100, 7019 ,09 . 7018 (15.16)

for regular CBF [7];

g=1+192(ug— 1" .0 (15.17)
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for irregular MRF with setbacks [10] and finally;

g=14226-(ug — 1)°% (15.18a)
g=1+242- (ug— 18 (15.18b)
g=1+4245-(ug—1)*6° (15.18¢)

for irregular MRF with mass discontinuities located near to the bottom, midheight
and top of the building, respectively [11].

(7) Design of the structure. Divide the ordinates of the elastic design spectrum
with the g factor and design the building on the basis of an elastic response spectrum
analysis by taking into account the capacity and ductile design rules of seismic codes
[2]. The design is strength-based, i.e., the designer does not need to impose limits
on the required stiffness (or period of vibration) of the frame. The required stiffness
(or period for given mass) of the frame is controlled by the assumed value of the
yield displacement (see step 4), while the required strength is imposed by the value
of the strength reduction factor.

(8) Iteration. Iterate with respect to the input variables ury, p, &, T, A, a. The
sufficient number of iterations for achieving convergence depends on the initial
estimations of the input variables (see step 4 of the method). Good initial esti-
mates of the aforementioned input variables can be easily obtained by designing
the frame only for strength requirements under the FOE earthquake by assuming
elastic behaviour, i.e., with ¢ = 1 (see design example in the next section of the

paper).

15.3 Application of the Proposed HFD Design Method

15.3.1 Description of Building and Design Assumption

The proposed HFD and the already used in practice FBD method are applied to the
seismic design of the 5-storey office S275 steel building shown in Fig. 15.3. The
building has storey heights equal to 3 m and bay widths equal to 6 m. Lateral load
moment resisting frames are located only at the perimeter of the building, while

5@6 5@3

Fig. 15.3 Five storey steel 5@6

office building structure 3@6
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gravity load resisting frames are arranged in the interior of the building. Only one
perimeter lateral load resisting frame was considered in analysis, while a “dummy”
column was used for simulating the gravity load columns and P-A effects. Braced
and irregular MRF frames are not examined herein since their treatment is similar
with that of regular MRF, while simple design examples for braced and irregular
MREF can be found in Karavasilis et al. [10, 11] and Zotos and Bazeos [7].

15.3.2 Definition of Seismic Performance Levels

For the office building considered herein, it is assumed that immediate occupancy
(IO) under the frequently occurred earthquake (FOE), life safety (LS) under the
design basis earthquake (DBE) and collapse prevention (CP) under the maximum
considered earthquake (MCE) are the appropriate performance levels for seismic
design. The FOE, DBE and MCE earthquakes are expressed through the elas-
tic design spectrum of ECS8 for soil class B and damping ratio equal to 3%,
while assumed seismological data provide the corresponding values of the peak
ground acceleration (PGA) as PGAppe=0.35g, PGArop=0.3 x PGAppg=0.1g and
PGAMce=1.5 x PGAppe=0.53g (Fig. 15.4). The design criteria (target drift and
local ductility values) for special moment resisting frames (SMRF) are adopted from
FEMA-273 [3] and provided in Table 15.1.

18 |
16 1
14
12
10 |
8
6
4l
5]
0]

MCE (0.53g) + CP
DBE (0.35g) + LS
FOE (0.10g) + OP

Pseudo-acceleration (m/sec?)

. . 0.0 0.5 1.0 1.5 2.0 2.5 3.0
Fig. 15.4 ECS elastic design .
spectra Period (sec)

Table 15.1 Target values of performance metrics

10 LS CP

IDR Mlocal IDR Mlocal IDR Mlocal

0.7% 2.00 2.5% 7.00 5% 9.00
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15.3.3 Moment Resisting Frames (MRF)

An initial elastic design for the FOE earthquake yields “HEB400-IPE400, HEB400-
IPE500, HEB360-IPE400, HEB360-IPE400, HEB340-IPE300” sections for the five
storeys of the frame, respectively. According to Eq. (15.2), the values of the param-
eters p and a of the frame are equal to 0.2 and 2.4, respectively, while roof
displacement under the FOE response spectrum equals 0.1 m. The above values
serve as initial estimates for the input variables of the HFD. The target values
of the IDRy,x and pg for the LS performance level are equal to 2.5% and 7.0,
respectively [3]. The value of the ratio 8 is calculated on the basis of Eq. (15.5)
and found to be equal to 0.73. By employing Eq. (15.4), the target roof displace-
ment Urmax(DR) 1S calculated equal to 0.73 x 2.5% x (5 x 3) = 0.27 m, while
by employing Eq. (15.10) the displacement ductility p is found to be equal to
1+ 1.35 x (7-1)0860 % 2.4043 5 570316 6 and therefore, the target roof displace-
ment Urmax(yx) becomes equal to 0.1 x 6.6=0.66 m. The design roof displacement
is equal to min (0.27, 0.66) = 0.27 and therefore, drift controls the LS performance
level design. The design value of the roof displacement ductility is 0.27/0.1=2.7.
The required strength reduction factor is calculated on the basis of Eq. (15.15) and
found to be equal to 3.4. The DBE response spectrum is reduced by this factor and
the design yields “HEB450-IPE400, HEB450-IPE450, HEB400-IPE450, HEB400-
IPE400, HEB360-IPE360 sections for the five storeys of the frame, respectively.
The new values of the input variables of HFD are u,,=0.095, 0=0.22 and a=3.
A second execution of the hand calculations of HFD provides a value of g equal
to 3.5, which does not change the sections obtained with response spectrum anal-
ysis/design and therefore, the design with respect to the LS performance level is
finalized. Apparently, this frame remains elastic under the IO response spectrum
since it has larger sections than the frame which serves to provide initial estimates of
the input variables. Elastic analysis under the IO response spectrum provides a value
of the IDR equal to 0.65% and roof displacement equal to 0.09 m and therefore, the
frame which satisfies the LS performance level satisfies also the 10 performance
level. The same initial values (uy=0.1, p=0.2 and a=2.4) are used for designing
the frame with respect to the CP damage state under the MCE earthquake. The first
execution of the hand calculations of HFD prove again that drift controls design
with a corresponding value of the g factor equal to 7.2 which is used to divide the
MCE spectrum. A response spectrum analysis/design under the reduced MCE spec-
trum provides a lighter frame than the one obtained by designing with respect to the
LS performance level. Therefore, the LS performance level controls the design of
the frame. Strictly speaking, the designer may want to obtain the expected values of
the uy, IDR and 19 under all earthquake intensities. Under the FOE earthquake, the
frame remains elastic and thus wg=1.0, while the u;mn,x and IDRy,,x were calculated
equal to 0.65% and 0.09 m, respectively. Under the DBE earthquake, the IDRp,x
and umax were calculated equal to 2.5% and 0.27 m, respectively, while by using
the values g=3.5 and a=3 in Eq. (15.15) and Eq. (15.10), the ug is calculated equal
to 2.41. The g factor of the frame under the MCE earthquake is easily obtained as
(PGAmcE !/ PGALs ) x gLs = 1.5 x 3.5 = 5.25. This value is used in order to
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estimate the response of the frame under the MCE earthquake, i.e., #ymax=0.41 m,
IDRmax=3.65% and pp=3.67.

According to EC8 [2], the FBD of the frame starts by performing strength-based
(no drift control) design under the DBE earthquake on the basis of a constant value
of the ¢ factor which equals to 6.5 (= 5 x 1.3, where 1.3 is the recommended
overstrength factor for MRF) which yields “HEB240-IPE300, HEB240-IPE300,
HEB220-IPE270, HEB220-IPE270, HEB200-IPE240” sections for the five storeys
of the frame, respectively. Then, EC8 demands drift control for the IO earthquake.
The latter frame behaves inelastically under the IO earthquake, while the equal-
displacement rule provides a value of the IDRy,x equal to 1.23% which is larger
than the 0.7% drift limit recommended by FEMA [3]. Thus, an iterative design pro-
cess is needed in order to find larger sections of the frame that satisfy this drift limit.
Finally, the sections which are obtained are “HEB400-IPE400, HEB400-IPE500,
HEB360-IPE400, HEB360-IPE400, HEB340-IPE300”. This frame remains elas-
tic under the IO earthquake and experiences uymax=0.10 m, IDRy,x=0.7% and
no=1.0. According to FBD, the 1O performance level controls the design. Under
the DBE earthquake, the frame will experience urmax=3.5 x 0.1=0.35 m and
IDRmax=3.5 x 0.7=2.45%, while under the MCE earthquake the frame will expe-
rience Urmax=35.3 x 0.10=0.53 m and IDR,x=5.3 x 0.7=3.7. These drifts are
calculated in order to check (see next section of the paper) the validity of the equal-
displacement rule and they are not used to check the performance of the frame under
the FOE and DBE earthquake, i.e., they should not be compared with the target drift
values of Table 3.2. Even if the target drifts of Table 3.2 were smaller (for instance,
IDR=1.5% under the DBE earthquake), the design product of FBD would be the
same since it satisfies drifts under the FOE earthquake and strength under the DBE
earthquake. Strictly speaking, FBD may be used for drift control for any perfor-
mance level by employing the iterative process which was employed for the FOE
earthquake.

Data of the MRF frames designed according to the HFD and FBD procedures are
presented in Table 15.2. The MRF obtained by using FBD is slightly lighter than the
one obtained by using HFD.

Table 15.2 Data pertinent to the designed frames

HFD FBD (EC8)
HEB450-IPE400 HEB400-IPE400
HEB450-IPE450 HEB400-IPES00
Sections HEB400-IPE450 HEB360-IPE400
HEB400-IPE400 HEB360-IPE400
HEB360-IPE360 HEB340-IPE300
1(s) 1.70 1.75
Steel weight 147 144

Controlling performance level LS 10
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15.3.4 Evaluation of the Design Through Nonlinear
Dynamic Analyses

Ten semi-artificial accelerograms, compatible with the frequency content of the EC8
[5] design spectrum, were generated via a deterministic approach. The ordinates of
these ground motions were scaled in order to match the three design levels of seismic
intensity considered here and then, nonlinear time-history analyses were executed
by using the program ANSR-PC [13].

The mean values of the maximum response quantities from time-history analyses
(TH) are compared with the estimations (EST) of the HFD and FBD design meth-
ods in Table 15.3. The results reveal the consistency of HFD to accurately estimate
inelastic deformation demands and the tendency of FBD to overestimate the max-
imum roof displacement and to underestimate the maximum interstorey drift ratio
along the height of the frame.

Table 15.3 Time history analyses results and comparison with design estimations (values in
parentheses)

HFD FBD (EC8)

FOE DBE MCE FOE DBE MCE
IDRmax (%) 0.63 2.4 3.75 0.67 3.00 4.20

(0.65) (2.5) (3.65) (0.70) (2.45) (3.70)
Umax (M) 0.11 0.26 0.43 0.12 0.31 0.46

(0.09) 0.27) 0.41) (0.11) (0.35) (0.53)
e 1.0 2.7 3.6 1.0 2.8 3.8

(1.0) 2.4) 3.7 (1.0) -

15.4 Conclusions

A performance-based seismic design methodology for steel building frames which
combines the advantages of the well-known force- and displacement-based seismic
design methods in a hybrid force/displacement (HFD) design scheme has been pro-
posed. The method has been applied to the case of a realistic 5-storey office building
structure and compared with the force-based design (FBD) procedure of the EC8
seismic code. The advantages of the HFD method over the FBD method were illus-
trated by exploring (a) the ability of the methods to identify the performance level
which truly controls the design and (b) by comparing the inelastic deformation esti-
mates of both methods with the results of the rigorous nonlinear dynamic analysis.
More specifically, the HFD method identified the life safety performance level as
the critical one, while the FBD design was controlled by the immediate occupancy
performance level. The results of the nonlinear time history analyses for three earth-
quake intensities (FOE, DBE and MCE) revealed the consistency of the HFD to
accurately estimate inelastic deformation demands and the tendency of the FBD to



15

A New Seismic Design Method for Steel Structures 171

overestimate the maximum roof displacement and to underestimate the maximum
interstorey drift ratio along the height of the frame.
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Chapter 16

Significance of Modeling Deterioration

in Structural Components for Predicting
the Collapse Potential of Structures Under
Earthquake Excitations

Helmut Krawinkler, Farzin Zareian, Dimitrios G. Lignos, and Luis F. Ibarra

16.1 Introduction

A primary objective of good earthquake engineering is to provide an adequate mar-
gin of safety against collapse. Collapse prevention is not an absolute goal, because
ground motion uncertainties and economic constraints will always necessitate the
acceptance of a small probability of collapse. Assessment of this small probability
of collapse requires the ability to predict, with sufficient confidence, the response
of structures all the way to collapse. This aspect of performance-based earthquake
engineering has posed major challenges, some of which are discussed in this paper.

Observations of collapsed buildings in past earthquakes show that two modes of
collapse can be envisioned for a building: sidesway collapse and vertical collapse.
Sidesway collapse is caused by large story drifts that lead to a successive reduction
of load carrying capacity of structural components that are part of the building’s
lateral load resisting system, to the extent that second order (P-Delta) effects over-
come gravity load resistance. In contrast, vertical collapse is the consequence of
direct loss of gravity load carrying capacity in one or several structural components.
This paper is concerned with sidesway collapse.

Analytical tools devised by researchers to predict the collapse of a building sub-
jected to a ground motion record range from SDOF representation of the building
(e.g., [8]) to sophisticated Finite-Element-based MDOF models that can predict the
successive failures of structural components up to collapse (e.g., [9]). Paramount
throughout this spectrum of analytical tools developed to predict building collapse
is the ability to model strength and stiffness deterioration of structural components
when subjected to cyclic loading (Lignos and Krawinkler, [7]).

The collapse capacity of a building is defined here as the maximum ground
motion intensity (often represented by the spectral acceleration at the first mode
period) at which the structural system still maintains dynamic stability. Different
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ground motions will lead to different collapse capacities because of the inher-
ent record-to-record (RTR) variability. A collapse fragility curve that incorporates
aleatory uncertainty due to RTR variability can be obtained by ordering the col-
lapse capacities for a representative set of ground motions. Additional variability in
the collapse potential is caused by epistemic uncertainties due to modeling assump-
tions and variability in the parameters on which analytical predictions are based.
Probabilistic approaches have been introduced that integrate possible sources of
variability in the process of collapse prediction and present the buildings collapse
potential in the form of probability of collapse (e.g., [11]).

In the context of seismic performance assessment, the collapse potential of a
building can be expressed as the probability of collapse at a discrete hazard level or
the mean annual frequency of collapse, both of which can be computed from the col-
lapse fragility curve and the hazard curve for the site of the structure. Assessment of
this collapse potential has been the goal of focused research at Stanford University
and other institutions for the last 10 years. An attempt is made here to present, to
various degrees of detail, the process utilized to accomplish this goal. The essential
components of this process are as follows:

e Modeling of strength and stiffness deterioration in structural components

e Modeling of the structure so that its response can be predicted all the way to
collapse through nonlinear dynamic analysis

e Representation of the seismic input and prediction of the collapse capacity

e Incorporation of measures of uncertainty in expressing safety against collapse.

16.2 Modeling of Strength and Stiffness Deterioration
in Structural Components

16.2.1 Observations on Component Behavior

Figure 16.1a shows the monotonic and cyclic moment-chord rotation response of
two “identical” steel beam specimens. It is quite evident that the strength and stiff-
ness properties deteriorate, and that this deterioration is a function of the applied
loading history. Various deterioration modes are illustrated in Fig. 16.1a. The mono-
tonic test shows that strength is “capped” and is followed by a negative tangent
stiffness. Thus, from a certain deformation on there is evident strength deterioration
under monotonic loading. Cyclic loading causes additional modes of deteriora-
tion, with the following three shown in Fig. 16.1a: (1) basic strength deterioration,
(2) post-capping strength deterioration, and (3) unloading stiffness deterioration
(Ibarra et al., [6] 2005).

The consequence of cyclic deterioration is that hysteresis loop boundaries move
towards the origin and the so-called “capping point” (the point at which maximum
strength is attained) moves continuously as a function of the loading history. The
consequence is that there is usually a large difference between an initial backbone
curve and a cyclic envelope curve obtained by enveloping the peaks of a cyclic
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Fig. 16.1 Monotonic and cyclic experimental response of a steel beam; (a) modes of deterioration;
(b) backbone curve and cyclic envelope curve (ATC-72-1 [1]; data from Prof. Tremblay)

response. Both the initial (monotonic) backbone curve and a cyclic envelope curve
are shown in Fig. 16.1b. The cyclic envelope curve is shown with bold dots. The
following observations, which hold true in general, are made from these graphs:

e The cyclic envelope curve, with an exception, falls below the monotonic loading
curve.

e The exception is evident at relatively small deformations at which the cyclic enve-
lope curve exceeds the monotonic loading curve because cyclic hardening effects
exceed cyclic deterioration effects, particularly for steel components.

e The cyclic envelope curve may be strongly loading-history dependent. If any
one of the intermediate cycles would have been executed with larger amplitude,
then the envelope curve would be enlarged. Thus, there is a nearly unique initial
backbone curve but no unique cyclic envelope curve.

e Using the monotonic loading curve as a stable (unchanging) boundary sur-
face for cyclic loading is inappropriate, because it ignores the effect of cyclic
deterioration.

16.2.2 The Ibarra-Krawinkler Deterioration Model

The following concepts apply to force-deformation or moment-rotation relation-
ships that can be represented by translational or rotational springs (concentrated
plastic hinge models). The modified Ibarra-Krawinkler model [6, 7] is used to
illustrate these concepts. For many realistic cases of steel, reinforced concrete,
masonry, and wood components this deterioration model provides a good match
of experimental results with analytical calibrations.

In the modified Ibarra-Krawinkler model deterioration is modeled in two modes:
monotonic and cyclic. Monotonic deterioration is modeled through the initial
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Fig. 16.2 Parameters of the initial backbone curve of the modified Ibarra-Krawinkler model

backbone curve, which is a reference force-deformation curve relationship that
defines the bounds within which the hysteretic response of the component is con-
fined (from here on, moment and rotation are being used in lieu of force and
deformation). If no cyclic deterioration occurs, then the initial backbone curve is
close to the monotonic loading curve. Once cyclic deterioration sets in, the branches
of the backbone curve move towards the origin and are continuously updated (they
may translate and/or rotate). The initial backbone curve might contain compromises
made in order to simplify response description. For instance, it might account for
an average effect of cyclic hardening (which likely is small for RC components,
but may be significant for steel components). A typical initial backbone (moment —
rotation) curve and necessary definitions are illustrated in Fig. 16.2.

Refinements (e.g., more accurate multi-linear descriptions) can be implemented
as deemed necessary. It is important to note that the initial backbone curve incor-
porates monotonic strength deterioration for deformations exceeding the so-called
capping point (point of maximum strength under monotonic loading). Residual
strength may or may not be present. The ultimate deformation capacity usually is
associated with a sudden failure mode such as ductile tearing in a steel component.

Rules defining cyclic response without consideration of cyclic deterioration are
adapted to the mode of deformation that dominates behavior of the component.
When appropriate, basic hysteresis rules may follow well established concepts such
as linearized bilinear, peak-oriented, or pinching hysteretic models.

In the Ibarra-Krawinkler model it is postulated that every component possesses
an inherent reference hysteretic energy dissipation capacity, regardless of the load-
ing history applied to the component [6]. Cyclic deterioration in excursion i is
defined by the parameter §;, which is given by the following expression:

c

p=| —E (16.1)

i
j=1
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where

B; = parameter defining the deterioration in excursion i

E; = hysteretic energy dissipated in excursion i

E; = reference hysteretic energy dissipation capacity, expressed as My times a
multiple A of 6,, i.e., E; = My-A-0p

Y E; = hysteretic energy dissipated in all previous excursions

¢ = exponent defining the rate of deterioration (typically a value of ¢ = 1.0
is used)

This deterioration parameter can be applied to any of the aforementioned
deterioration modes in the form shown in Eq. (16.2)

0 =1 -Bp)O, and Q7 =(1-Bp)Q;, (162)

where

Qi*/ ~ = deteriorated quantity (i.e., stiffness or strength) after excursion i.

Qi{ ~ = deteriorated quantity (i.e., stiffness or strength) before excursion i.
Bo,i = based on an appropriate A value

The modified Ibarra-Krawinkler model was tested on about 700 cyclic load-
deformation histories obtained from experiments on steel, reinforced concrete
components [7]. Adequate simulations were obtained in practically all cases by
tuning the model parameters to the experimental data.

16.3 Modeling of Structures for Collapse Prediction

It is a noble objective to accomplish detailed finite element analysis that accounts
for all nonlinear phenomena in all parts of a structure, and ultimately accounts
also for the variabilities in material properties and seismic input in the process of
collapse prediction. At this time such attempts are for the research domain, but
hardly can be implemented in a global seismic collapse assessment process. Due
to challenges such as modeling of confinement, bond slip, rebar buckling and rebar
fracture in reinforced concrete, and modeling of crack propagation, fracture, and
local and lateral torsional buckling in steel, we use relatively simple phenomeno-
logical concentrated plasticity models of the type discussed in Section 16.2. Such
simple component models make it possible at this time to focus attention on model-
ing of full structural systems and on the large effect that ground motion uncertainties
(record to record variability) will have on collapse. From the vast number of collapse
analyses performed by the authors, the following general observations are made in
regard to structure modeling:
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e The component parameters 6, and 6, have the largest effect on collapse capacity
of a structure

e Realistic representation of structure P-A effects is critical

e Large displacement effects do not become important, until very large story drifts
at which structures are close to incipient collapse anyway

e The story drift at which structures approach collapse depends on the deformation
characteristics of the components, but even for frame structures that consist of
very ductile components (e.g., ¢, = 0.04), collapse is imminent at a maximum
story drift of clearly less than 10%.

The experience gained over the last 10 years is based mostly on collapse pre-
diction of moment resisting frame structures and wall structures in which inelastic
behavior can be represented by flexural plastic hinging. Little experience exists
to date on collapse prediction of structures whose behavior is controlled by shear
failures or axial load failures in columns (P-M interaction, column buckling).

16.4 Representation of Seismic Input and Prediction
of Collapse Capacity

While attempts have been made to relate static pushover results to the collapse
capacity of structures [10], the primary means for the determination of the seismic
collapse capacity of structures is nonlinear dynamic analysis, whereby an analytical
model of the structure is subjected to a ground motion acceleration record. In the
following discussion it is assumed, for simplicity, that the ground motion record has
only one component and that the structural model is two-dimensional.

It is customary to describe the intensity of a ground motion by a single intensity
measure (/M). More often than not, the spectral acceleration of the record at the
fundamental period of the structure (S,(77)) is used as the /M. The collapse capac-
ity of a structure is defined here as the intensity of a given ground motion at which
the structure is at the “verge of collapse”. This implies that the structure is still sta-
ble, but that for a small increment in intensity of that ground motion the structure
would collapse. In the analytical prediction, collapse is associated with numerical
instability, i.e., the solution process no longer converges and the story drift in one
or several stories grows without bounds. Thus, given a ground motion, the col-
lapse capacity, (Sac(71)), can be determined by performing incremental dynamic
analyses (IDAs), incrementing the intensity of the ground motion in small enough
steps to “catch” the intensity at which the structure is at the verge of collapse, i.e.,
when a very small increment in intensity will cause a very large increment in lateral
displacement [4].

This definition of the collapse capacity presumes that the employed IM is repre-
sentative of the frequency content of the ground motion associated with a seismic
event that indeed will cause collapse of the structure. It is well established that
the frequency content of ground motion changes with the hazard level. Baker and



16 Significance of Modeling Deterioration in Structural Components 179

Cornell [2] have shown that an adequate measure of this frequency (spectral shape)
effect is the parameter epsilon (&), which is a by-product of standard seismic haz-
ard analysis. The parameter ¢ quantifies the difference between the selected ground
motion’s spectral acceleration at a specific period and the median of the ground
motion spectral acceleration obtained from attenuation relationships. Epsilon is
expressed in terms of a number of logarithmic standard deviations of the attenu-
ation function. A positive ¢ indicates a peak in the spectral acceleration of a ground
motion, compared to the median spectral acceleration obtained from the attenuation
function. Baker and Cornell [2] have shown that for rare hazard levels (e.g., 2% in
50 years hazard) ground motions tend to have positive ¢ values.

The fact that ground motions have different e characteristics at different hazard
levels contradicts the assumption made in IDAs that a single suite of ground motions
can represent all hazard levels once the records are scaled to the proper IM value.
It has been shown by various researchers (e.g., [3, 12]) that ignoring the effect of ¢
will result in an over-estimation of the demand on the structure for rare hazard levels
and under-estimation of the seismic demands for frequent hazard levels. Methods for
accounting for the ¢ effect in collapse prediction are proposed in those references.

16.5 Assessment of Probability of Collapse

In the present approach the collapse capacity for a given structure subjected to a
given ground motion is defined as the ground motion intensity, /M., at which the
structure experiences dynamic instability. Collapse capacity values are computed
for a sufficiently large number of ground motions so that a statistical evaluation
of the collapse capacity values (IM.) can be performed. Ordering these collapse
capacity values and fitting an appropriate distribution function to the data provides
a collapse fragility curve for the specific structure that accounts explicitly for the
record-to-record (RTR) variability. For good reasons [5] a lognormal distribution is
being used to represent the collapse fragility.

The process for obtaining collapse capacities and the collapse fragility curve for
a 4-story frame structure subjected to the set of 40 records is illustrated in Fig. 16.3a.
The projection of the last point of each IDA curve (last stable solution) on the ver-
tical axis, illustrated with a solid gray circle, shows the collapse capacity of this
building for an individual record. The cumulative distribution function, assuming
a lognormal distribution, of these spectral acceleration values that correspond to
structural collapse is defined as the “collapse fragility curve” and is shown with a
black line in Fig. 16.3a. A more conventional representation of the collapse fragility
curve for this moment-resisting frame is shown in Fig. 16.3b.

Fragility curves can be employed directly to evaluate the probability of collapse
at specific hazard levels (IM values) or to evaluate the mean annual probability of
collapse by integrating the fragility curve over the hazard curve. The assessment of
probability of collapse and methods for incorporation of aleatory (mainly record-to-
record variability) and epistemic (modeling) uncertainties are discussed in detail in
Ibarra and Krawinkler [5] and Zareian and Krawinkler [11].
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Fig. 16.3 (a) Determination of collapse capacities for a set of ground motions; (b) corresponding
collapse fragility curve [12]

The aleatory variability reflects the random nature of ground motions, whereas
the epistemic variability is mainly due to lack of knowledge about the building’s real
model (inability to incorporate all elements that may contribute to lateral strength
and stiffness in the structural model) and real element properties (stiffness, strength,
deterioration properties, etc.). Simultaneous consideration of the effects of both
variabilities on the collapse capacity necessitates executing a Monte Carlo simu-
lation or using simplified approaches, such as inflating the collapse fragility curve
dispersion due to record to record variability, Brc, to the square-root-of-the-sum-
of-the-squares of Brc and Byc, with Byc being the dispersion due to epistemic
uncertainties.

Once aleatory and epistemic variability is incorporated in the description of the
collapse fragility curve — and presuming that the effect of hazard dependence of
the spectra shape can be accounted for (the previously discussed epsilon issue) — it
becomes a straight forward process to evaluate the collapse probability for a given
hazard (S,) level or the mean annual frequency of collapse. To accomplish the latter,
the collapse fragility curve has to be integrated over the hazard curve associated
with the IM used to describe the fragility curve.

16.6 Conclusions

This paper provides a summary of structural modeling procedures for collapse
assessment of structural systems. Putting aside all issues associated with ground
motion and hazard modeling, and looking at collapse prediction from a computa-
tional analysis perspective only, we can expect realistic results for collapse capacity
predictions provided we are capable of

e modeling deterioration characteristics of all important structural components
(and in many cases this capability needs still to be acquired)
e modeling all collapse modes (local, story, global)
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e predicting propagation of local collapse
e incorporating all “intangible” contributions that delay collapse, such as slab

action, exterior cladding, stair cases, interior partitions, infill walls, etc.
quantifying all important modeling uncertainties, including those attributable to
human errors.
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Chapter 17
Enhanced Building-Specific Seismic
Performance Assessment

Eduardo Miranda

17.1 Introduction

Performance-based earthquake engineering (PBEE) is aimed at designing and
building structures that will meet the performance expectations of their owners,
stakeholders and society. Inherent in performance-based design is the ability to
estimate the performance of the structure at all possible levels of ground motion
intensity. Traditionally, a building was judged to have an acceptable performance
provided that collapse was prevented. However, recent earthquake events have indi-
cated that for most owners and for society a certain level of control of economic loss
is also necessary.

The Pacific Earthquake Engineering Research (PEER) Center recently devel-
oped a rational and comprehensive methodology to estimate earthquake damage
and economic losses. In particular, approaches developed by Porter and Kiremidjian
[12], Krawinkler and Miranda [5], Miranda et al. [8], Aslani and Miranda [1],
Mitrani-Rieser and Beck [9], compute economic losses as a sum of losses resulting
from cases in which the structure does not collapse, plus economic losses in which
the structure is estimated to have collapsed. However, previous work has inherently
assumed that if the structure does not collapse, it would be repaired. Furthermore,
damage is estimated only based on peak interstory drift demands and peak floor
accelerations.

Residual deformations, although often ignored, are of utmost importance in
defining the seismic performance of a structure. In particular, the amplitude of
residual deformations is critical in determining the technical and economical
feasibility of repairing damaged structures. For example, many damaged rein-
forced concrete buildings in Mexico City had to be demolished after the 1985
Michoacan, Mexico earthquake because of the technical difficulties to straighten
and repair buildings with large lateral residual drifts [14]. Similarly, many reinforced
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concrete bridge piers were demolished in the city of Kobe in Japan after the 1995
Hyogo-Ken-Nambu, Japan earthquake due to the technical difficulties and elevated
costs that would be required to straighten and repair piers with large permanent
lateral deformations [4].

Recent analytical and experimental studies [7, 6, 10, 15, 16] have shown that
structures subjected to large inelastic deformations have a very high probability of
experiencing residual deformations (see Fig. 17.1). This suggests that ductile lateral
force resisting systems which are designed and detailed to be able to sustain large
lateral displacements without collapse, unless they have a self-centering capabil-
ity, are especially susceptible to experiencing residual deformations when subjected
to intense seismic ground motions. Large residual displacement can thus lead to
a total loss of stakeholders’ investment on the building despite having avoided
collapse.

The objective of this manuscript is to summarize an improved loss estimation
methodology that explicitly incorporates economic losses resulting from the possi-
bility of having to demolish buildings that have experienced large residual interstory
drifts. The improved methodology is illustrated by computing economic losses in
two reinforced concrete moment-frame buildings. In each case economic losses are
estimated using both the existing loss estimation methodologies and the proposed
approach in order to compare the results.

Fig. 17.1 Examples of buildings with residual displacements that lead to their demolition (Photos
courtesy of NISEE, UC Berkeley)
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17.2 Improved Loss Estimation Methodology

In recently proposed loss estimation methodologies [5, 8, 1, 9] expected losses at a
given level of ground motion intensity are computed as

E[Lt|IM] = E[LINC,IM] - P (NC|IM) + E[L|C] - P (C|IM) (17.1)

where E[L|NC, IM] is the expected value of the economic loss associated with nec-
essary repairs due to the damage sustained in the building given that it has not
collapsed when subjected to a ground motion with intensity /M=im; E[L7|C] and
E[L7|C] is the expected value of the loss when the building collapses; P(NC|IM) and
P(C|IM) are the probabilities of not collapsing and of collapse when the building is
subjected to a ground motion with intensity /IM=im, respectively.

In Eq. (1) E[L|NC, IM] is an increasing function that describes the increment
in losses with increasing ground motion intensity, but fails to recognize that the
building may have to be demolished and therefore lead to a total loss even if it has
survived the earthquake without collapse. In the enhanced approach the expected
value of the loss in the building conditioned on the ground motion intensity is
computed as:

E[L7|IM] = Lr + Lp + L¢ (17.2)

where LR are the contributions to the total expected loss from losses associated with
cases in which collapse does not occur (non-collapse, NC) and damage in the build-
ing is repaired, R, (i.e., NC N R); Lp are the contributions to the total expected loss
from losses associated with cases in which collapse does not occur (non-collapse,
NC) but the building subsequently demolished, (i.e., NC N D); and L are the contri-
butions to the total expected loss from losses associated with cases in which building
collapse (C) occurs.
In Eq. (17.2) the loss contribution due to damage repairs is computed as

L = E[LINC N\ R, IM] - P (NC N R|IM) (17.3)

where E[L|NC N R, IM] is the expected value of the loss in the building given that the
building does not collapse and the damage is repaired knowing that it has been sub-
jected to earthquakes with a ground motion intensity IM=im. P(NC N R|IM) which
is the probability that the building will not collapse and that it will be repaired
given that it has been subjected to earthquakes with a ground motion intensity
IM=im. Similarly, the loss contribution due to building demolition is computed
with:

Lp = E[LINC N D] - P (NC N D|IM) (17.4)

where E[L|NC N D] is the expected loss in the building when there is no collapse
but the building is demolished and P(NC N D|IM) the probability that the building
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will not collapse but it will have to be demolished given that it has been sub-
jected to earthquakes with a ground motion intensity /M=im. Finally, the collapse
contribution is computed as:

Lc = E[L|C] - P (C|IM) (17.5)

where E[L|C] is the expected value of the loss in the building when collapse occurs
and P(C|IM) is the probability that the structure will collapse under a ground motion
with a level of intensity, im. Comparing Egs. (17.1) and (17.2) it is then clear that
previous building-specific loss estimation investigations [8, 1] neglected the inter-
mediate term, Eq (17.4). Given that, in general, this term is larger than zero, a
systematic underestimation of losses was produced.

The probability that the building will not collapse and that it will be repaired
given that it has been subjected to earthquakes with a ground motion with a level of
intensity, im is given by:

P(NCNR|IM) =P (R|INC,IM) - P(NC|IM) (17.6)
Similarly, the probability that the structure will not collapse but that will need to

be demolished when subjected to an earthquake ground motion with intensity level
IM=im is computed as:

P(NC N D|IM) = P(DINC,IM) - P(NC|IM) 17.7)
where P(D |[NC,IM) is the probability that the structure will be demolished given that
it has not collapsed, when subjected to an earthquake ground motion with intensity
level IM=im and P(NC|IM) is the probability of no collapse when the building is
subjected to an earthquake ground motion with intensity level IM=im.

Since repair and demolition events conditioned on non collapse are mutually

exclusive (i.e., if the structure survives the earthquake without collapse you either
demolish it or not) then:

P (RINC,IM) = 1 — P (NR|NC, IM) (17.8)

Similarly, collapse and non-collapse are also mutually exclusive events (i.e., the
structure will either collapse or not collapse during an earthquake); then:

P(NC|IM) =1 — P (C|IM) (17.9)
Substituting Egs. (17.8) and (17.9) into Eq. (17.7) we obtain
P(NC N D|IM) = P(D|NC,IM) — P(D|NC,IM) - P(C|IM) (17.10)

Estimating the probability that the structure will need to be demolished given
that it has not collapsed is particularly challenging, because of the many factors
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that may be involved in arriving to such decision. In the proposed methodology we
estimate such a probability as a function of residual lateral deformations. Experience
after the 1985 Mexican earthquake, the 1995 Hyogo-ken-Nambu (Kobe) earthquake
and other earthquakes indicates that permanent (residual) lateral deformation was
the primary factor driving the decision to demolish buildings and other structures
even when damage was relatively small. In the proposed enhanced approach the
probability of having to demolish a building that has not collapsed given that it has
been subjected to an earthquake ground motion with intensity /M=im is computed
as a function of the peak residual interstory drift ratio as follows:

o0
P(DINC, IM) = / P(D|RIDR)dP(RIDR|NC, IM) (17.11)
0

where P(D|RIDR) is the probability of having to demolish the structure conditioned
on the peak residual interstory drift in the building (maximum from all stories in the
building) and P(RIDR|NC,IM) is the probability of experiencing a certain level of
residual interstory drift ratio in the building given that it has not collapsed and that
it has been subjected to a ground motion with intensity /M=im. Equation (17.11)
considers that there is not a single residual interstory drift that triggers demolition,
but rather that there is variability in the decision to demolish a building for a given
level of residual interstory drift. This probability may be interpreted as the per-
centage of engineers that would recommend demolition of the building for a given
residual interstory drift. Based on limited information and on engineering judgment
P(DIRIDR) is assumed to be lognormally distributed with a median of 0.015 and a
logarithmic standard deviation of 0.3. The resulting cumulative probability distribu-
tion is shown in Fig. 17.2. As shown in this figure, residual drifts that would lead
to demolition range from about 0.7 to 3%. In particular, buildings with a residual

P(DM=D | RIDR)
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interstory drift ratio of 1% would have approximately a 10% probability of having
to be demolished; buildings experiencing residual interstory drift ratios larger than
3% would practically be certain that they would be demolished.

17.3 Illustrative Examples

In order to illustrate its use, the proposed enhanced loss estimation methodology was
used to evaluate economic losses in two reinforced concrete frame buildings whose
seismic response was previously studied by other investigators [2]. The first build-
ing is a 4-story building and the second one a 12-story building, both with ductile
detailing. Both structures were assumed to be located at a site in Los Angeles, CA,
south of the city’s downtown area, representative of a typical urban California site
with high seismicity. The two buildings were designed by Haselton and Deierlein [2]
according to the 2003 International Building Code and related ACI and ASCE pro-
visions. For detailed information on the designs and modeling parameters of these
structures the reader is referred to Haselton and Deierlein [2] .

The buildings were modeled in OpenSees [11] using a two-dimensional, three-
bay model of the lateral resisting system and a leaning (P-A) column. Beams and
columns were modeled with concentrated hinge (lumped plasticity) elements and
employ a material model developed by Ibarra et al. [3]. The nonlinear simulation
models of the reinforced concrete frames were analyzed by Haselton and Dierlein
using the incremental dynamic analysis technique, by analyzing each model using
a large set of ground motions scaled at increasing levels of ground motion inten-
sity. Subsequently economic losses were computed using the story-based approach
suggested by Ramirez and Miranda [13]. In each case economic losses were com-
puted either considering or not considering the intermediate term in Eq. (17.2), in
order to evaluate its influence on economic losses. The influence of this term was
evaluated for each building by comparing expected losses at increasing levels of
ground motion intensity, by comparing expected annual losses and by comparing
the probability of exceedance of large economic losses.

Figure 17.3 compares the expected economic losses with and without consid-
ering losses due to the possibility of having to demolish in the two buildings for
three different levels of seismic hazard. For each building, the first pair of results
corresponds to expected losses for a service level earthquake with a 50% probabil-
ity of exceedance in 50 years. The middle pair of bars corresponds to the expected
economic losses at the Design Basis Earthquake (DBE), defined as the one with a
10% of exceedance in 50 years and the third pair corresponds to the losses due to
seismic event that has probability of exceedance of 2% in 50 years (often referred
to as the Maximum Credible Earthquake, MCE). The values of the seismic ground
motion intensity that correspond to all three hazard levels are indicated at the bot-
tom of the figure. Expected values are normalized by the replacement cost of the
structure.
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Fig. 17.3 Comparison of expected losses in the 4 and 12-story buildings computed without the
inclusion of the possibility of demolition and including the possibility of demolition

For each hazard level, the left bar corresponds to losses that do not consider losses
due demolition and the right bar to losses that considering losses due to demolition.
It can be seen that at the service-level earthquake, the effect of losses due to building
demolition does not have an influence on the overall normalized loss for the four-
story building and a relatively small influence for the 12-story one. On the other
hand, for the four story building the normalized economic losses increase from 31
to 42% at the DBE and from 48 to 73% at the MCE, corresponding to increments
in expected losses of 35 and 52% and the DBE and MCE levels, respectively. The
relative increase is the difference between the two values of expected loss, with and
without considering losses due to demolition, divided by the expected loss consid-
ering losses due to demolition, multiplied by 100. This means that losses due to
demolition have a large influence in the overall loss estimate, and that neglecting
them can lead to significant underestimation of economic loss.

To gain further insight of the influence of the possibility of having to demolish
a building after an earthquake even though it has not collapsed, loss results at these
levels were disaggregated following the approach proposed by Aslani and Miranda
[1]. In Fig. 17.3 each bar in the figure is divided up into collapse losses, non-collapse
(NC) losses due to building demolition and non-collapse losses due to repair costs.
The proportions of each bar are equal to how much each type of loss contributes to
the overall loss. As shown in this figure, demolition losses have the largest contri-
butions to the overall loss at the MCE. At this intensity level, losses conditioned on
non-collapse due to demolition dominate the expected loss. In particular, the losses
due to demolition are significantly larger than those of collapse, even though both
lead to total loss of the initial investment. This is because at the MCE the probability
of demolition is much higher (45%) than the probability of collapse (8%). That is, at
this level of ground motion intensity the structure is more likely to experience large
residual deformations that will lead to demolition, than collapsing. Similar results
were computed for the 12-story building.
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17.4 Summary and Conclusions

The Pacific Earthquake Engineering Research (PEER) Center methodology for
seismic performance assessment has been extended to explicitly account for the
possibility of having to demolish a building that did not collapse during an earth-
quake. In the proposed framework the probability of having to demolish the building
given that it has not collapsed is computed as a function of the peak residual inter-
story drift in the building conditioned on the ground motion intensity. The latter
is computed by conducting an incremental dynamic analysis in which peak resid-
ual interstory drifts are computed at increasing levels of ground motion intensity.
By doing so, the record-to-record variability of residual drift demands is explicitly
taken into account.

Results indicate that neglecting the probability of demolition due to exces-
sive residual lateral deformations, as typically done presently, leads to significant
underestimation of economic losses. Underestimations are typically larger in duc-
tile buildings than in non-ductile ones. This is because ductile structures are very
effective in reducing the probability of collapse when subjected to intense ground
motions, but they have a significant probability of having to be demolished due
to residual drifts. Meanwhile, when non-ductile structures are subjected to intense
ground motions, they typically have a relatively large probability of collapse and the
probability of surviving the earthquake with large permanent deformations that will
lead to demolition is much smaller.

The proposed framework provides an ideal tool to assess the tradeoffs and
benefits of various design alternatives. In particular it provides a framework to prop-
erly account for the economic benefits of incorporating self-centering technologies
which significantly reduce or even eliminate residual drifts.
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Chapter 18
A Damage Spectrum for Performance-Based
Design

Ahmed Ghobarah and Mahmoud Safar

18.1 Introduction

In performance-based earthquake engineering (PBEE) displacement and drift are
often used as performance criteria. The rationale is that there is a correlation
between drift and damage. The challenge in the design process is to ensure that
damage will be limited to an acceptable level. Within a performance-based design
framework the multiple performance limit states reflecting the building damage
levels should be satisfied for the defined hazard levels. The process requires the
development of a generic damage-based assessment tool that is sensitive to various
performance characteristics and applicable to different structural materials.

The use of constant ductility response spectra (CDRS) is based on the assumption
that seismic damage is a function of ductility. Ductility as a performance parameter
does not reflect the damage accumulated due to the cycles of repeated load reversals.
To establish generic design and assessment procedures for PBEE a general definition
of damage, independent of the structural material type, is needed. For an integrated
PBEE, damage performance objectives need to be considered at the beginning of the
design cycle. Thus, there is interest in including a quantitative damage measure for
the construction of strength demand spectra independent of the type of the structural
material. The objective of this study is to develop a seismic demand spectrum based
on the constant damage concept.

18.2 Quantification of Damage

In the design process, the level of damage associated with a given hazard can be
specified as a performance objective. Damage indices have been developed on the
local element or the global levels. Recent reviews of the trends in damage quantifi-
cation were presented by Williams and Sexsmith [10] and Ghobarah et al. [5].
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Department of Civil Engineering, McMaster University, Hamilton, ON L8S 4L7, Canada
e-mail: ghobara@mcmaster.ca

M.N. Fardis (ed.), Advances in Performance-Based Earthquake Engineering, 193
Geotechnical, Geological, and Earthquake Engineering 13, DOI 10.1007/978-90-481-8746-1_18,
© Springer Science+Business Media B.V. 2010



194 A. Ghobarah and M. Safar

Some of the damage indices that account for both excessive deformation and
damage accumulation under cyclic loading use overall response parameters such as
stiffness, period or frequency. These damage indices are applicable at both local and
global levels [5, 4]. Park and Ang [6] assumed a linear combination of two terms
accounting for excessive deformation and the damage accumulation through hys-
teretic energy dissipation. The method of combining the two components of damage
depends on the structural material. A recent study proposed a general damage index
that is independent of the structural material [3].

18.3 Demand Representation

Inelastic response spectra formed the basis for establishing capacity-demand index
relations to be used for design. Empirical relationships based on statistical analysis
were proposed for strength reduction factor, ductility and period (R-u-T relations).

The use of R, u and T as the performance parameters for design is generally
accepted. From a damage-based design point of view, this implicitly identifies R
as the parameter limiting the design force to be applied to the structure; u as the
damage limiting parameter and 7 is the period as the input parameter representing
the dynamic property of the system for design.

18.4 Ductility as the Damage Limiting Parameter

Constant ductility response spectra (CDRS) are based on the assumption that seis-
mic damage is a function of ductility. However, ductility as a performance parameter
does not account for the cumulative damage resulting from hysteretic response.
Thus, the margin of safety against collapse for structures designed on the basis of
CDRS may not be reliable. New design methods incorporating the effect of cumu-
lative damage in the computation of strength demand spectra, can be classified into:
(a) methods based on equivalent ductility factor using a weighted factor accounting
for ductility reduction due to dissipated hysteretic energy; and (b) methods based on
the direct use of damage indices. However, all these methods are dependent on the
type of structural material.

18.5 Period as the Input Design Parameter

Traditionally, the adopted load-deformation models for the lateral force resist-
ing elements are based on the assumption that the strength is independent of the
stiffness. This was the reason that the period was adopted as a main design param-
eter. Recent investigations indicated that the load deformation models of several
lateral force resisting elements are characterized by strength and stiffness interde-
pendency [7]. Figure 18.1 compares strength-stiffness independent and dependent
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Fig. 18.1 Load-deformation models

load-deformation models. For the strength-stiffness dependent models, the yield
displacement was considered to be a stable parameter that is suitable for seis-
mic applications [7, 1]. Safar and Ghobarah [8] addressed the conceptual basis
and methods for adopting constant yield displacement in the response spectrum
framework.

18.6 Performance Point Index

Damage, as a performance parameter, depends on several local and global response
characteristics. It is desirable to maintain the advantage of simplicity associated with
spectral representations and propose a generic seismic demand parameter reflecting
damage as a performance parameter. The damage index in [3] is:

M
D=1--2% (18.1)
My,
Mae _ r, / dE) (18.2)
My,
where,
is the damage index
M is the actual (deteriorated) value of the yield moment (force),
My, is the value characterizing the yield point in a theoretical skeleton
curve,
uw is the deformation ductility factor,
[dE is the energy dissipated through hysteretic behaviour,

f (u, f dE) is the evolution equation for the yield strength,
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Fig. 18.2 Evolution of capacity curves for strength dependent stiffness model

The index relies on strength deterioration as the main indicator of damageability.
The yield strength as given by Eq. (18.2) represents a general definition of damage.
This is established based on the observation that the softening branch of hysteretic
curves depends on the type of failure, ductile or non-ductile, not on the material.

The same concept of damage modeling is used as basis to formulate a damage
index within the response spectrum framework. The index is termed Performance
Point Index (PPI). The strength dependent stiffness (SDS) load-deformation model
is used to represent the evolution of the capacity curve for a hysteretic behaviour
of a structure subjected to earthquake ground motion. Figure 18.2 shows a typical
hysteresis curve with a typical representation for a SDS model superimposed. The
load-deformation model is used to track the envelope of the softening branch for the
hysteretic behaviour. The beginning of the envelope curve represents the yield point
and is modeled using the equivalent linear system for the load-deformation model.
In formulating the PPI, modifications are introduced to the index presented in [3] as
described by the following subsections.

18.6.1 Dissipated Energy

For a strength dependent stiffness model (SDS) as shown in Fig. 18.1b, the dissi-
pated energy is the difference in the energy capacity of the equivalent linear system
and the inelastic system. This difference can be calculated for different ductility
levels of the inelastic system throughout the hysteretic behaviour. The dissipated
energy for the SDS model deSDS, at a ductility level pmax, can be defined as:

1 — 1
/dESDS = uyfe <5 - ,U«ma)dcy + Efy) (18.3)
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where, uy is the yield displacement, f; is the strength level of the equivalent linear
system and the normalized yield stlrengthfy is defined as:

ol
fy_fe

where fy is the strength level of the inelastic system with ductility level jtax. The
term 1/2uy Je defines the energy capacity of the equivalent linear system whereas the
term uy fy (Wmax —/) defines the energy capacity of the inelastic system.

(18.4)

18.6.2 Ductility Capacity

For a SDS model as described in Fig. 18.1b, the ultimate ductility capacity for a
system with hysteretic behaviour u,, can be determined based on an explicit defini-
tion of the minimum inelastic cyclic deformation performance of structures required
target ductility ratio p¢. The definition given by the New Zealand code [9] is used,
where the structure should be capable to undertake four cycles in horizontal dis-
placement to %y without the lateral load carrying capacity reducing by more
than 20%. At this displacement it was assumed that the damage index of a structure
designed for .y would reach 1.0 (total collapse).

This assumption can be applied to the damage model presented in [3]. Assuming
that the system has a bi-linear hysteretic behaviour with a post-elastic stiffness of
3% of the elastic stiffness, the following relation is obtained:

1/p _
(1—&) lé (l—tanh (ﬂzw—ro)

(15.5; — 16)
cexp =gy ” D)
exp( P )

Knowing the value of the target ductility ¢ and the parameters 81, B2, and
B3 [3], the ultimate ductility capacity ., can be obtained by solving Eq. (18.5)
iteratively. The definition of target ductility values for different performance objec-
tives is still an ongoing challenge. However, proposed values were given by
ATC-40 [2].

18.6.3 Ultimate Hysteretic Energy

The ultimate hysteretic energy for a SDS model (Eysps™) can be defined as:

1 — 1
Eusps™ = uyfe <§ - Mufyu + 5fyu> (18.6)

There is a similarity between Eqgs. (18.3) and (1 @). However, the ultimate duc-
tility uy and the ultimate normalized yield strength fy, were used in Eq. (18.6). This
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is different from Eq. (18.3), where the attained ductility pmax and the attainedf_y
were used. For Eq. (18.6), p, is obtained using the procedure described above. The
value of ﬂ is taken equal to 0.8. This value is inferred by the assumption made
by the New Zealand code [9] requirement: a reduction of the lateral load carrying
capacity equal to 20% for a structure designed to target ductility p; and subjected to
four cycles of horizontal displacement to £y, defines collapse.

18.7 Proposed Damage Index

Applying the modifications described in the preceding subsections to the index in
[3] results in the following expression for the Performance Point Index (PPI):

L . 1/B1 1 . M—
PPl =1 ((1 uu> '2<1 ot (,32<2 Mufyu+sz> "))
exp( ﬁ3(1 Mufyu+2fyu)

18.8 Constant Damage Spectrum

(18.7)

Constant values of PPI are used as the performance limiting parameter instead of the
ductility to construct a constant damage spectrum (CDS). The proposed procedure
for constructing CDS can be summarized by the following steps:

(1) According to the type of the structure, determine the damage index parameters
B1, B2, and B3 [3]. Define the ground motion acceleration zig(?).

(2) Select the damping ratio ¢ for which the spectrum is to be plotted.

(3) Select a value for Ty, where T, is the undamped natural period.

(4) Determine the response u(t) of the linear system with T, and ¢ values selected.
From u(t) determine the maximum displacement response for the elastic system
1, and the peak force f, = k u,, where k is the stiffness. For a linear system k is
equal to the pre-yield stiffness of the system k,. The spectral ordinates for the
linear system can be calculated as:

Dy =u,, Vy=awolty, and Ay = a)(z)uo

where Dy is the yield deformation spectral ordinate, Vy is the pseudo-velocity
spectral ordinate, Ay is the pseudo-acceleration spectral ordinate and w, is the
pre-yield frequency.

(5) Determine the response u(t) of an elastoplastic system with the same ¢, period
Ty and yield force fy = fy fo, with selected fy < 1, where fy is the normal-
1zed yield strength, fy is the post-yield system strength. And 7y can be obtained
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from the relation f; = (fy /fo) = (ky/ko) = (T3 /Ty), where ky is the post-yield
system stiffness. From u(#) determine the peak deformation uy, and the associ-
ated ductility factor pmax = um/uo, Where uy, is the maximum displacement
response of the inelastic system. Calculate the damage index value (PPI) using
Eq. (18.7). Repeat the analysis for enough values of ]Ty to develop data points
(jTy, PPI) covering the ductility range of interest.

(6) (a) For a selected damage index, PPI determine the ]Ty value from the results
of step 5 using an interpolative procedure. If more than one ]Ty value
corresponds to a particular value of PPI, the largest value of]Ty is chosen.

(b) Determine the corresponding value of 7y using the value of f_y determined
in step (6a) from the relationﬁ = (Tr% / Tyz). Accordingly the value of the
post-yield frequency wy can be calculated as wy = 27/Ty.

(c) Determine the spectral ordinates corresponding to the value of]Ty determined
in step (6a). The spectral ordinates can be calculated as:

Dy = uy, Vy = wyuy, and Ay = w2

yHo

where Dy is the yield deformation spectral ordinate, Vy is the pseudovelocity
spectral ordinate and Ay is the pseudoacceleration spectral ordinate. This
data provides one point on the response spectrum plot.

(7) Repeat steps (4)—(6) for a range of T}, to determine the spectrum that is valid for
the  value chosen in step (6a).
(8) Repeat steps (4)—(7) for different values of the ductility factor PPI.

18.9 Damage-Based Assessment of a RC Frame

The developed spectrum can be used for spectral damage-based assessment. The
capacity of the structure to be assessed can be established by a static pushover anal-
ysis. To compare the capacity and demand in a spectral framework, the structure is
represented as an equivalent single degree of freedom system (SDOF).

To illustrate the procedure, a 6-storey reinforced concrete frame is considered.
The frame was designed according to a current code. The frame configuration,
member sizes and reinforcement details are shown in Fig. 18.3. The Northridge
time-history is considered as the demand. The developed CDS for the time-history
is presented in Fig. 18.4. Linear scale is used for a clear superposition of the capac-
ity curve. A static pushover analysis is performed for the frame and the equivalent
SDOF formulation [2] is used to establish the capacity curve. The modeling and
pushover analysis for the frame was conducted with OpenSees. Since the spectrum
is plotted with the yield displacement as the system-representative parameter, the
performance point is defined by the yield point on the capacity curve. The location



200 A. Ghobarah and M. Safar
250x500 250x500 250x500 4520 49520 49620
2 ) =) ) [ 420 ] 4$20 | 4p20
& < < <+l s Q a I Q
& & & El3 8 e 8 8
<[ __250x500 %] 250x500 %| 250x500 % | 620 620 620
= =) S ) | 4820 | 420 | 4420 o
< < < <l s Q Il I Q
3 3 3 = 5 e 8 8
S| 250x500 %] 250x500 %] 250x500 %| | 6520 69520 6920
S = = ) o 4820 | 4420 | 4420 .,
< < < <l s I Il I I
3 3 3 = b 5 5 b
¢ 300x600 %] 300x600 %]  300x600 %| | 8520 8620 820
S 2 S Sl 1ol o #20 | 20 | 4$20
's] '} w vl g9 o o o IS
& & & gl g5 ;@: §; § S
A 300x600 A 300x600 F|  300x600 &A| | A ospo0 H sp2 T gg20 =
2 2 2 2 | 4#20 | 4#20 | 4#20
'3} v '} vl g [N I o [N
S S s gl 2 8 8 8 §
@] 300x600 A 300x600 F|  300x600 @] | = 8g20 | 80 = sg20 =
S S =} 2| T A 20 [ 4#20 | 420
's] v s} bsl B I I\ I o
S S & HE s & B S
f=3 < (= (=3 o~ o o o
e ) bl b 1 i 1 i 8
o 6000 o 6000 o 6000 o
Wl ! 18000 1 W1

a) Cross section dimensions in mm

b) Steel reinforcement details

Fig. 18.3 Details of 6-storey reinforced concrete ductile frame
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Fig. 18.4 Spectral damage-based assessment of the 6-storey frame
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of the performance point with respect to the demand curves determines the perfor-
mance whether elastic or inelastic. In addition, the performance point location can
be used to estimate the damage index of the system under the effect of the consid-
ered demand. In the case presented in Fig. 18.4, the PPI can be estimated as 0.70.
In terms of performance, this reflects a severe (irreparable) damage state.
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To verify the estimated damage index value, a static pushover analysis is con-
ducted before and after a dynamic analysis of the frame under the effect of the
Northridge time-history. The change in the fundamental period of the structure is
determined from the results of the pushover analyses.

The Final softening index FSI [4] is calculated. Tipjtia1 and Tfpg are the ini-
tial and final fundamental periods of the structure before and after the earthquake,
respectively. Based on this analysis procedure, the FSI value for the 6-storey frame
subjected the Northridge earthquake was determined to be 0.61, which is compa-
rable to the estimated PPI value of 0.7 from spectral assessment. The FSI results
confirm the reliability of the proposed procedure.

18.10 Conclusions

The proposed approach for constructing strength demand spectra results in a simple
and rational framework for spectral damage-based assessment, independent of the
structural material type. This generalization is a necessary step in developing codi-
fied performance-based provisions. The developed spectrum represents a large class
of structures which have load-deformation behaviour with interdependent strength
and stiffness.
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Chapter 19
Construction of Response Spectra for Inelastic
Asymmetric-Plan Structures

Jui-Liang Lin and Keh-Chyuan Tsai

19.1 Introduction

The conventional response spectra of the inelastic single-degree-of-freedom
(SDOF) system have been extensively studied [5, 6] and widely applied in engi-
neering practice. The force-deformation relationship of the inelastic SDOF system
represents the roof translation versus base shear relation of a physical multi-degree-
of-freedom (MDOF) building. For inelastic structures, the vibration “modes” may
be viewed as varying in time. Nevertheless, the conversion of the inelastic force-
deformation relationship of roof translation versus base shear for each vibration
“mode” into a SDOF system is well developed [2]. The capacity-spectrum method
[1] is one of the well-known applications of the SDOF systems to estimate the
seismic response of the original MDOF structure. In order to compute the seis-
mic demands of asymmetric-plan structures, not only the translational response at
the center of mass (CM), but also the rotational response is required. However,
the conventional SDOF inelastic response spectra, representing the roof transla-
tion versus base shear relationship, give no insight into the rotational demands
of asymmetric-plan structures. Moreover, the SDOF systems are not able to con-
sider the translation-rotation interaction of the inelastic asymmetric-plan structures.
Thus, the conventional SDOF inelastic response spectra can neither accurately esti-
mate the rotational demands nor properly calculate the translational demands for
asymmetric-plan structures.

There are two types of pushover curves simultaneously obtained for an
asymmetric-plan building under the modal inertia forces [3]: one for the roof
translation versus base shear and another for the roof rotation versus base torque
relationship of the original MDOF building. Figure 19.1a illustrates the typical one-
cycle push-pull curves representing these two force-deformation relationships in
acceleration-displacement-response-spectrum (ADRS) format. Figure 19.1a shows
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Fig. 19.1 (a) Typical one-cycle push-pull curves for an asymmetric-plan building under the nth
modal inertia force; (b) a 2DOF modal system; (c) the two bilinear pushover curves for one-way
asymmetric-plan structures

that the two curves bifurcate after the original asymmetric-plan building becomes
inelastic. Clearly, the bifurcation is due to the non-proportionality between the
modal translation and modal rotation of the inelastic asymmetric-plan structure.
The 2DOF modal equations of motion and the associated 2DOF modal system
(Fig. 19.1b) have been developed to simultaneously simulate these two force-
deformation relationships [3].

Although the 2DOF modal system has been developed, the inelastic response
spectra constructed using it is not just a standard procedure. Before the associated
inelastic response spectra can be constructed, three key tasks should be completed.
First, the independent elastic parameters for the 2DOF modal systems have to be
determined. Second, the relationships between the inelastic 2DOF modal parameters
and the strength ratio have to be established. Third, the ranges of values of the
2DOF key modal parameters should be clarified. This paper describes in detail how
these three tasks are carried out. As this new type of response spectra includes both
translation (T) and rotation (R), for the purpose of discussion it is termed the T-R
response spectra. The T-R inelastic response spectra of asymmetric-plan buildings
under an ensemble of seismic ground motion are compared with the corresponding
SDOF inelastic response spectra in the example in this paper.

19.2 Theoretical Background

For convenience, the development of the 2DOF modal systems is briefly presented
herein. More details can be found in Lin and Tsai [3].

19.2.1 Two-Degree-of-Freedom Modal Systems

The two horizontal axes are X and Z. The Y-axis is vertical. The one-way
asymmetric-plan building is symmetric about the X-axis. The seismic ground
motions are applied at right angles to the X-axis. One-way asymmetric-plan
buildings with proportional damping are considered. The equation of motion for
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an N-storey one-way asymmetric-plan building, with floors simulated as rigid
diaphragms, is

2N
Mi + Cua + Ku = —Mlﬁg N = _anﬁg ) (19.1)
n=1
where
2N

U P oI'Mu
u= = I‘wD,¢=[ m} [ = St
|:u9 ]2le ngl G Pon |y nx1 T 9IMe,
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In Egs. (19.1), and (19.2) M and K are the mass matrix and stiffness matrix,
respectively, u and s, are the displacement vector and the nth modal inertia force
distribution, respectively, I', and ¢, are the nth modal participation factor and the
mode shape, respectively, and D, and u are the generalized nth modal coordinate
and the influence vector, respectively. Only the nth modal displacement response,
u, = I';,9,D,(7), of the elastic one-way asymmetric-plan building is excited under
the n-th modal inertia force distribution, s, [2]. Thus, the equation of motion can be
presented in the following form:

Mii, 4 Ca, + Ku, = —s,iis (1), n=1~2N (19.3)

We redefine u,, as:

@, Dzn(1) :| |:(P 0 :| |:Dzn(t) :|
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When D, is equal to Dy, the new definition of u,, in Eq. (19.4) is the same as
the customary definition: u,, = I';,¢,D,(f). D5, and Dy, are called the nth modal
translation and modal rotation respectively. Substituting Eq. (19.4) into Eq. (19.3)

T
and pre-multiplying both sides of Eq. (19.3) by |:‘pzn (pO i| , yields:
On

0
M, D, + C,D, + K,D, = —M,1iig (1) (19.5)
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Equation (19.5) is the nth 2DOF modal equation of motion. The elastic properties
of the 2DOF modal system (Fig. 19.1b) are determined as

T 2 T
((P nkz9 ‘Pan) (pznkZG Pon
kan = @K@ kon = @f, K6 Qg — ~—G——"—) €n = —g——t"
n nZ ¥ zn n On n ¢£1kzz¢zn n ‘Pgnkzzq)zn (19.7)

my = @l me,,, I, =} Iogy,

The inelastic properties of the 2DOF modal system are derived from the two
pushover curves of the original asymmetric-plan building under the nth modal iner-
tia force distribution. These two pushover curves, representing the relationships of
roof translation to base shear and of roof rotation to base torque are idealized as
bi-linear curves in ADRS format. The values of the yielding accelerations, Ay,
and Ag,y, and of the post-yielding stiffness ratios, o, and ag,, are available from
these two bi-linear curves (Fig. 19.1c). The inelastic 2DOF modal parameters are
determined from the four known values, Ay, Agny, @z, and oy, as:

Myzn = Aznymn’ My@n = A@nyln - Aznymnen (19.8)
’ my, /o .
an - ﬂ . (In - mnen) €n ’ ken - kgn o 19 9)
kzn kon Iy — myuey) ey (19.
+ /
Az Kgn

where M,,, Myg, and k', k'g, are the yielding moments and the post-yielding
stiffness of the two rotational springs of the 2DOF modal system (Fig. 19.1b),
respectively. Thus, the total elastic and inelastic 2DOF modal parameters are those
obtained from Eqgs. (19.7), (19.8), and (19.9).

19.2.2 Independent Elastic 2DOF Modal Parameters

The mass and stiffness in the conventional SDOF modal equation of motion depend
on the modal period. There are five elastic modal parameters, Eq. (19.7), in the
2DOF modal equation of motion. In order to construct the 2DOF inelastic response
spectra, the key independent elastic 2DOF modal parameters have to be identified
first. Derivations in Lin and Tsai [4] give:

kon _ (i _ en) 1+ ey (19.10)
m

kZ}’l n

In this study, the corresponding uncoupled 2DOF modal system is defined as the
2DOF modal system with the lumped mass located at the top of column. That is, e,
equals 0. The ratio of the rotational frequency to the translational frequency of the
corresponding uncoupled 2DOF modal system is defined as
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k,
Q= 20n — [ Konln (19.11)
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It can be obtained [4] that

Qon = \/(1 - "%) (I+en), my+1, =1 (19.12a)
T

T, = —— 19.12b

" 1+e, ( )

where T, = 2m,/m, / k;n, 1s the translational vibration period of the corresponding
uncoupled 2DOF modal system. Equation (19.12b) implies that the nth vibration
period of a one-way asymmetric-plan structure, 7}, is elongated compared to the
translational vibration period of the corresponding uncoupled 2DOF modal system
if e, is negative and shortened if e, is positive. Given the values of vibration period,
T,, frequency ratio, 2y,, and modal eccentricity, e,, all five elastic 2DOF modal
parameter values can be obtained from Eq. (19.12). Therefore, T},, Q2¢, and e, can
be conveniently viewed as the three key parameters for computing the five elastic
2DOF modal parameters.

19.2.3 Relationships Between the Inelastic 2DOF Modal
Parameters and the Strength Ratio

The yield force of a SDOF modal system can be easily obtained from the strength
ratio and the associated pseudo-spectral acceleration. Given the yield forces of the
SDOF modal systems, the conventional SDOF inelastic response spectra, such as the
constant-strength response spectrum, can be constructed accordingly. However, to
construct the 2DOF inelastic response spectra, the yield moment versus the strength
ratio relationships for the two rotational springs in a 2DOF modal system have to be
established.

For most asymmetric-plan buildings, the onset of translational yielding should
accompany the onset of rotational yielding. Thus, it is reasonable to assume that
the two pushover curves of each vibration mode for the asymmetric-plan structure
yield at the same time, i.e. Az, = Agyy = Ayy. This implies that the yield modal
translation is equal to the yield modal rotation, as shown in Fig. 19.1c. In [4] the
yield moments, My, and Mg, of the two springs of the 2DOF modal system are
derived in terms of the strength ratio as:

elastic
My, = d"T (14 en) kzn (19.13)
Selastic
Mygn = = kg, (19.14)

R
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Thus, the inelastic modal strength parameters (M), and Mp,,) versus the strength
ratio R relationships of the 2DOF modal systems have been established as in
Eqgs. (19.13) and (19.14).

19.3 Parametric Study

Based on the results in the previous section, the inelastic response spectra for
one-way asymmetric-plan buildings can be constructed using the 2DOF modal sys-
tems, if the values of e, Qg,, oz, oy, R and the damping ratio, &, are given.
The ranges of translational post-yield stiffness ratio, «,, strength ratio, R, and
damping ratio, &, are well established. However, the range of the rotational post-
yield stiffness ratio, op,, modal eccentricity, e,, and frequency ratio, 2g,, are
not entirely clear. The study of the conventional SDOF response spectra became
meaningful only after the ranges of the relevant parameter values have been well
understood. Therefore, the goal of this section is to study the ranges of e, 29,
and ag,.

Since extensive parametric studies on elastic one-storey one-way asymmetric-
plan buildings have been carried out in the past, the ranges of the physical system
parameter values and their effects on the physical system are already available. In
order to understand the ranges of both the elastic and the inelastic 2DOF modal
system parameter values, their relationships associated with the physical system
parameters are investigated in this paper.

19.3.1 Ranges of Elastic 2DOF Modal Parameters

It has been shown [4] that the relationships between the stated one-storey whole-
structure parameters and the associated 2DOF modal parameters are

Qon = Vo, n=1,2 (19.15)

2 : 2 : ’
1 _ 1+8 5 _ 1+8 ) 2
= |-l / W 1 / W2l 4w 19.16
on =5 +(e/ 12&2)-‘:-94[ +(e/ 2 + ¥ y| (1916)

where wf = k; / m and B is the aspect ratio of the floor plan, i.e. 8 = a/b; a and
b are the floor plan dimensions perpendicular and parallel to the ground motions,
respectively. The notation € is defined as the normalized eccentricity, i.e. é=e/a; Wy
is the ratio of the rotational to the translational vibration frequency of the corre-

sponding uncoupled one-storey building, i.e. ¥, = (kg m / kzlo)o's. Figure 19.2a and
b illustrate the varying ranges of the first and the second modal eccentricities e and
e, respectively, for the one-storey one-way asymmetric-plan buildings with aspect
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Fig. 19.2 The modal eccentricities of (a) the first and (b) the second modes for the one-storey
one-way asymmetric-plan buildings with aspect ratio 8 = 2.0

ratio =2.0. From all the negative values of e; shown in Fig. 19.2a and Eq. (19.12),
the first modal vibration period of a one-storey system has been clearly elongated
compared with the translational period of the corresponding uncoupled one-storey
system. By contrast, the second modal vibration period of a one-storey system has
been shortened, compared to the translational period of the uncoupled one-storey
system.

19.3.2 Ranges of Inelastic 2DOF Modal Parameters

The strength ratio R and the translational post-yield stiffness ratio «,, have been
extensively investigated by other researchers. In those studies, values of R of 2, 4
and 8 were often chosen, while the value of «, is often taken as 2%. The only
new inelastic 2DOF modal parameter in addition to those of the traditional SDOF
modal systems is the rotational post-yielding stiffness ratio, «g,. Two very differ-
ent example systems, Systems I and II, are used for discussing the range of «g,.
In System I, most of the rotational stiffness is contributed by the lateral-load resist-
ing elements perpendicular to the Z-direction ground motion. Thus, the rotational
stiffness of this system is less likely to be influenced by yielding of the lateral-load
resisting elements parallel to the ground motion. In other words, the rotational post-
yield stiffness ratio, «g,,, of System I is close to 1.0. In System II, by contrast, most
of the rotational stiffness is contributed by the lateral-load resisting elements paral-
lel to the Z-direction ground motion. Thus, the reduction of the rotational stiffness
of System II will be similar to that of its translational stiffness when the lateral-
load resisting elements parallel to the ground motion yield. That is, «g, would be
approximately equal to oz,. So, in this study the values of oy, have been chosen as
5%, 45% and 95%, to cover a wide range of possible plan-asymmetric systems, for
which the proposed T-R constant-strength response spectra are constructed in the
following section.
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19.4 T-R Constant-Strength Response Spectra

The 10% in 50 years set of ground motion records, including 20 historical ground
motions, suggested for the SAC buildings in Los Angeles were applied to construct
the inelastic response spectra. The averages of the T-R inelastic response spectra
and the associated conventional SDOF response spectra under this set of ground
motions are shown in Fig. 19.3. The figure shows that the difference between p,
and u, obtained using 2DOF and SDOF modal systems, respectively, increases,
as the value of R increases. Furthermore, Fig. 19.3 clearly demonstrates that the
SDOF modal system is not capable of estimating the rotational demand pg, which
is significantly different from p, when R equals 4 and 8.

SAC 10/50 EQ, £,=5%, (235=1.0, 84=-0.53, 1125=0.11, 0y;,=0.50

— 1z (2DOF) -~ - pg (2DOF) 1 (SDOF)
30 g 30 e 30
25 25 25
22 220 z20
Z1s Z1s Z15
& 10 810 10
5 S e 5
80 05 10 15 20 25 30 80 05 10 15 20 25 30 80 05 10 15 20 25 30
(a) Period (sec.) (b) Period (sec.) (¢) Period (sec.)

Fig. 19.3 The averaged T-R constant-strength response spectra (e,=—0.53, Q4,=1.0, a;,=0.11,
a9, =0.50) compared to the corresponding conventional SDOF constant-strength response spectra
(0¢z,=0.11) under the 10% in 50 years set of ground motion records used for the SAC buildings in
Los Angeles. (a) R=2; (b) R=4; (c) R=8

19.5 Conclusions

The conventional SDOF inelastic response spectra are widely applied in engineering
practice. As this type of response spectra is computed only from the roof translation
versus base shear relationship, it lacks the capability to accurately capture the rota-
tional seismic demands of asymmetric-plan structures. In addition, the conventional
response spectra do not consider the possible translation-rotation interaction devel-
oped in each coupled vibration mode of inelastic asymmetric-plan structures. As
the 2DOF modal systems can simultaneously consider translational and rotational
force-deformation relationships, the T-R inelastic response spectra for one-way
asymmetric-plan structures are proposed in this study. The T-R inelastic response
spectra are able to give not only the translational but also the rotational seismic
demands.

In order to construct the T-R inelastic response spectra, the independent elastic
2DOF modal parameters have been identified as the vibration period T}, the fre-
quency ratio 2y, and the modal eccentricity e,. The relationships of the inelastic
2DOF modal strength parameters and the strength ratio have been also established.
In order to understand the ranges of the 2DOF modal parameter values, a parametric
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study in terms of general one-storey one-way asymmetric-plan buildings has been
carried out. The T-R constant-strength response spectra have been constructed to
illustrate the typical T-R inelastic response spectra. It has been shown that the dif-
ference between the SDOF modal ductility © and the 2DOF modal translational
ductility u, increases, as the strength ratio R increases. Moreover, the SDOF modal
ductility u is often very different from the 2DOF modal rotational ductility, wg.
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Chapter 20
Multi-Mode Pushover Analysis with Generalized
Force Vectors

Haliik Sucuoglu and M. Selim Giinay

20.1 Introduction

Considering the simplicity and conceptual appeal of conventional pushover analy-
sis with a single mode, several researchers have attempted to develop multi-mode
pushover analysis procedures in order to replace nonlinear response history anal-
ysis with an “inelastic” response spectrum analysis [3, 5]. Adaptive lateral force
distribution schemes have further been proposed for overcoming the limitations of
conventional pushover analysis arising from an invariant lateral static load distribu-
tion [1, 2, 4] which however require rigorous computations in the implementation.
All multi mode pushover analysis procedures published in literature so far have two
common features. First, they are adaptive except MPA [3] hence require an eigen-
value analysis at each loading increment. Moreover, an adaptive algorithm cannot be
implemented with a conventional nonlinear structural analysis programming code.
Second, all procedures combine modal responses statistically by SRSS, which is an
approximate rule developed for combining linear elastic modal responses. Internal
forces should be checked at each load increment and be corrected if they exceed the
associated capacities.

A practical nonlinear static procedure is developed herein which accounts for the
contribution of all significant modes to inelastic seismic response. The procedure
consists of conducting a set of pushover analyses by employing different generalized
force vectors. Each generalized force vector is derived as a different combination
of modal lateral forces in order to simulate the effective lateral force distribution
when the interstory drift at a selected story attains its maximum value during seis-
mic response. Hence the proposed procedure is called generalized pushover analysis
(GPA). Target seismic demands for interstory drifts at the selected stories are calcu-
lated from the associated generalized drift expressions where nonlinear response
is considered in the first mode only. Finally, the maximum value of a response
parameter is obtained from the envelope values produced by the set of generalized
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pushover analysis conducted separately for each interstory drift. GPA can be imple-
mented with any structural analysis software capable of performing displacement
controlled nonlinear incremental static analysis. Seismic response of a twelve story
reinforced concrete frame structure under twelve ground motion records are esti-
mated by GPA in this study, and compared with the results obtained from NRHA as
well as from the conventional pushover analysis.

20.2 Generalized Force Vectors

Different response parameters attain their maximum values at different times dur-
ing seismic response. An effective force vector acts on the system instantaneously
at the time when a specific response parameter reaches its maximum value. This
effective force vector is in fact a generalized force since it has contributions from
all modal forces at the time of maximum response for the specified response param-
eter. Accordingly, if this force vector can be defined, then it can be applied either
directly or incrementally to the investigated structural system in order to produce
the maximum value of this response parameter.

The derivation of generalized effective force vectors is based on the dynamic
response of linear elastic MDOF systems to earthquake ground excitation iig(), by
employing the modal superposition procedure. The effective force vector f(#max) at
time fyax, When an arbitrarily selected response parameter reaches its maximum
value, can be expressed as the superposition of modal forces f,, (fmax):

f(tmax) = ) fallman) (20.1)

The n’th mode effective force in Eq. (20.1) at time #ax 1S given by

fr(tmax) = 1M @A, (fmax) (20.2)

Here, 'y = L, IMy; L, = @F ml; M,, = ¢ m@,; ¢, is the n’th mode shape,
m is the mass matrix, 1 is the influence vector, and A,(fmax) is represented with
Eq. (20.3).

An(tmax) = @2 Dy(fmay) (20.3)

Here a),% is the n’th mode vibration frequency and D,(fmax) is the modal

displacement amplitude at #,x Which satisfies

Dn(tmax) + Zgnwnbn(tmax) + wﬁDn(Imax) = _i/ig(tmax) (20.4)

D, (tmax) cannot be determined from Eq. (20.4) unless fiax is known. fax is the
time when the selected response parameter becomes maximum, which depends on
all modal responses. This response parameter is selected as the interstory drift A; at
the j’th story. Then,
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Aj,max = Aj (tmax) (20.5)

Its associated modal expansion is

Aj (tmax) = Zn Iy Dy(tmax) ((pn,j - Qﬂn,j—l) (20.6)

where ¢, ; is the j’th element of the mode shape vector ¢,. Equation (20.6) can be
normalized by dividing both sides with A;(#max), which yields

_ Dn(tmax) L i
1= [rn 2 Gy O son,jl)} (20.7)

Each term on the right hand side of Eq. (20.7) under summation expresses the
contribution of 7’th mode to the maximum interstory drift A;(fmax) at the j’th story
in a normalized form.

The maximum value of interstory drift at the j’th story in Eq. (20.5) can also be
estimated by RSA through SRSS of the related spectral modal responses.

(B jma)® ~ D [CaDa@nj = on 1] (20.8)

D, in Eq. (20.8) is the spectral displacement of the n’th mode, which is directly
available from the displacement response spectrum of the ground excitation ig(?).
Equation (20.8) can also be normalized similarly, by dividing both sides with
(A J» max)z-

D, 2
=2 [Fn—(% = (pn,/'l)] (20.9)

Aj,max

Accordingly, the respective terms on the right hand sides of Egs. (20.7) and (20.9)
are the normalized contributions of the n’th mode to the maximum interstory drift
at the j’th story. Equating them and assuming the equality Ajmax = Aj(fmax) from
Eq. (20.5) leads to

n

Dy(tmax) = [Fn Dy(gnj — @nJ—l)] (20.10)

j,max

Since the term in the parentheses in Eq. (20.10) is equal to A}, from Eq. (20.8),

Ajn
Dn(tmax) = A, Dy, (20-11)
\j,max

It should be noted that A;, in Eq. (20.11) is the n’th mode contribution to the
maximum interstory drift at the j’th story determined from RSA, and Ajmnax in
Eq. (20.11) is the quadratic combination of the A;, terms as given by Eq. (20.8).
The generalized force vector is obtained by first calculating A, (fmax) by substituting
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D, (tmax) from Eq. (20.11) into Eq. (20.3), then substituting A, (fmax) from Eq. (20.3)
into Eq. (20.2), and finally substituting f,,(fmax) from Eq. (20.2) into Eq. (20.1).

A.
fi(tmax) = Zn (anq;,, AnAi> (20.12)

\j,max

A, is the pseudo spectral acceleration of the n’th mode in Eq. (20.12). Since the
formulation that is developed in Eqgs. (20.1)—(20.11) is employed for obtaining the
generalized force vector which acts on the structural system when the interstory drift
at the j’th story becomes maximum, the associated generalized force vector in Eq.
(20.12) is identified with the subscript j.

20.3 Target Seismic Deformation Demand

In linear elastic response spectrum analysis the target drift demand at the j’th story
Aj is calculated from the SRSS combination of modal drifts A, ; expressed by

A= [ (nj— @nj-DDi]’ (20.13)

The displacement shape of a nonlinear system during seismic response can be
expanded in terms of the linear elastic mode shapes if the modal amplitudes (coordi-
nates) can be calculated appropriately. It has been observed by Chopra and Goel [3]
that the coupling between modal coordinates due to yielding of the system is neg-
ligible. Therefore Eq. (20.13) may be employed for estimating the inelastic drift
demands, provided that linear elastic modal spectral displacement demands D,, in
Eq. (20.13) are replaced by the inelastic modal spectral displacement demands D,,*.

Replacing only D; in Eq. (20.13) with D;* while retaining the linear elastic
modal spectral displacements for the second and higher modes improves the tar-
get displacement demand significantly. D1* can then be estimated from either the
NRHA of the nonlinear SDOF system representing the first mode contribution,
or from the associated R-u-T relations. Then the target drift demand Aj in GPA
becomes;

l
N 2
w172 2
Ajp = ([n (@rj — 10D + Y [T (@nj — @n.j—1)Dn] ) (20.14)
n=2

The contribution of higher modes to a maximum interstory drift parameter is
more significant than their contribution to a maximum displacement parameter. GPA
uses the interstory drift parameters as target demands. Accordingly, interstory drift is
not obtained from GPA, but from an independent response spectrum analysis. When
the associated generalized force vector pushes the system to this target drift, the
system adopts itself in the inelastic deformation range while the further higher order
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deformation parameters (rotations, curvatures) take their inelastic values as in modal
pushover, but by receiving more appropriate contributions from the higher modes.

20.4 Generalized Pushover Algorithm

The GPA algorithm is composed of the five basic steps summarized below.

1. Eigenvalue analysis: Natural frequencies w, (natural periods 7,), modal vec-
tors @, and the modal participation factors I',, are determined from eigenvalue
analysis.

2. Response spectrum analysis: Modal spectral amplitudes A,, D, are obtained
from the corresponding linear elastic spectra and modal interstory drift ratios
at the j’th story, A;, are determined from RSA. The maximum interstory drift
ratio at the j’th story, Ajmay is obtained by SRSS.

3. Generalized force vectors: Generalized force vectors f; which produce the
maximum response A; are calculated from Eq. (20.12).

4. Target interstory drift demands: Maximum inelastic modal displacement demand
Dq* for the first mode under an earthquake excitation is obtained from either
NRHA or inelastic response spectrum of the inelastic SDOF system idealized
with a bi-linear force—displacement relation. For the higher modes n = 2-N, D,,
values are obtained from the linear elastic response spectrum. Finally, D{* and
D, (n =2, N) are substituted into Eq. (20.14) for calculating the target interstory
drift demands Aj.

5. Generalized pushover analysis: A total number of N generalized pushover anal-
yses are conducted. In the j’th GPA (j = 1-N), the structure is pushed in the
lateral direction incrementally with a force di