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Preface

This book aims at providing a concise and clear introduction to the principles of seismic
design for building structures and their foundations, with a particular focus on linking
these concepts to the provisions of the European seismic code, Eurocode 8. It addresses the
underlying approaches related to seismic hazard, ground motion models, basic dynamics,
seismic analysis, siting considerations, structural layout, and design philosophies. Eurocode
8 procedures are applied in most parts with the aid of walk-through design examples which,
where possible, deal with a common case study. As well as an update throughout, this sec-
ond edition of this book incorporates three new and topical chapters dedicated to specific
seismic design aspects of timber and masonry buildings as well as base-isolation and supple-
mental damping. The primary audience for this book are practicing structural and geotech-
nical engineers as well as post-graduate and senior undergraduate civil engineering students.

The introductory chapter, Chapter 1, offers an overview of the background to the devel-
opment and implementation of Eurocode 8 together with an outline of this book. Chapter 2
provides a detailed review of the methods used in determining seismic hazards and earth-
quake actions. It covers seismicity and ground motion models, with specific reference to
the stipulations of Eurocode 8. Chapter 3 presents a review of basic dynamics including
the response of single- and multi-degree of freedom systems and the use of earthquake
response spectra, leading to the seismic analysis methods used in Eurocode 8; this chapter
also introduces an example building, which is used throughout most of this book to illus-
trate the application of Eurocode 8 in practical design. The provisions relating to general
considerations for the design of buildings are dealt with in Chapter 4; the selected case study
is then used to provide examples for the use of Eurocode 8 for siting as well as for assessing
structural regularity.

The application of seismic design principles, as adopted in Eurocode 8, for buildings of
different materials and configurations are described in subsequent chapters of this book.
Chapter 5 focuses on the design of reinforced concrete structures, and a design example
for a dual frame/wall lateral resisting system is presented and discussed. The design of
steel structures is dealt with in Chapter 6, which includes design examples for moment and
braced steel frames. Chapter 7 focuses on highlighting key design aspects for composite
steel/concrete buildings, and includes a design variation for the example building. The fun-
damental concepts of the seismic behaviour of timber structures are outlined in Chapter 8,
and the example building is used to illustrate the design of a laminated-timber shear-wall
system. Chapter 9 deals with the seismic design of masonry structures, and includes a spe-
cific design example, which is employed to highlight the benefits and limitations of available
analysis methods.

Seismic isolation and supplemental damping can offer low-damage solutions, which are
being increasingly used in practice. In Chapter 10, background concepts on seismic isola-
tion, types of devices available, numerical results, and design criteria from Eurocode 8 are

vii
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discussed and an illustrative example using the case study building is presented. Moreover,
although Eurocode 8 does not specifically cover supplemental damping devices, an outline
of recommended design criteria for viscous and viscoelastic damping systems are included
in this chapter. The final two chapters, Chapters 11 and 12, are concerned with the design
of shallow and deep foundations, respectively, and cover issues related to liquefaction and
settlement as well as static and dynamic performance requirements. Design examples to
Eurocode 8 including pad, raft and pile foundations for the case study building are also
included.

It is important to note that this publication is not intended as a complete description of
Eurocode 8 requirements nor as a replacement for any of its provisions. The purpose of this
book is mainly to provide general background information on seismic design, and to offer
discussions and comments on the use of the code in the design of buildings and their foun-
dations. It is also worth noting that although all the Eurocodes have undergone a rigorous
process of development, drafting and revision before publication, it is only through their
application by practicing engineers on real projects that areas for improvement become
apparent. The current revision cycle for Eurocode 8 is likely to take at least five more years
before it is approved and made available to practicing engineers. Although the main emphasis
in this book is on the existing code provisions, the scope of several chapters extends beyond
this in order to address specific aspects that are currently being dealt with in the revision
process; these aspects are highlighted, where relevant, within the individual chapters.

This book stems primarily from practical short courses on seismic design, which have been
run over a number of years and through the development of Eurocode 8. These short courses
have been organised by the Department of Civil and Environmental Engineering at Imperial
College London, as part of Imperial’s School of Professional Development Programme, in
collaboration with the Society for Earthquake and Civil Engineering Dynamics (SECED).
The courses were also supported by the European Association for Earthquake Engineering
(EAEE) and the Eurocodes Expert initiative of the Institution of Civil Engineers (ICE).

The contributors to this book are either specialist academics with significant consult-
ing experience, or leading practitioners who are actively engaged in large projects in seis-
mic areas. The unfailing enthusiasm of all the contributors and their employers, as well as
their dedication towards SECED’s activities including practical short courses, have been
vital to the completion of this book. The editor would additionally like to acknowledge
the constructive advice offered by the eight reviewers to the book proposal, including four
anonymous reviewers as well as Professor Christoph Butenweg (RWTH Aachen), Professor
Peter Fajfar (University of Ljubljana), Dr Gregory Penelis (Penelis Consulting) and Professor
André Plumier (University of Liege). The expert assistance of the staff at Taylor & Francis
publishing group is also gratefully acknowledged; particular thanks are due to Tony Moore
for his constant support and encouragement throughout the development of the two editions

of this book.

Ahmed Y. Elghazouli
Professor of Structural Engineering
Imperial College London
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I.I THE EUROCODES

The European directive ‘Construction Products’ issued in 1989 comprises requirements
relating to the strength, stability and fire resistance of construction. In this context, the
structural Eurocodes are technical rules, unified at the European level, which aim at ensur-
ing the fulfilment of these requirements. They are a set of 58 standards compiled into 10
Eurocodes and provide the basis for the analysis and design of structures and the constitutive
materials. Complying with Eurocodes makes it possible to declare the conformity of struc-
tures and construction products and to apply the Conformité Européenne (CE) marking to
them (a requirement for many products, including most construction products, marketed
within the European Union). Thus, Eurocodes constitute a set of standards of structural
design, consistent in principle, which facilitates free distribution of products and services in
the construction sector within the European Union.

Beyond the political goals pursued by the Union, the development of Eurocodes has also
given rise to considerable technical progress, by taking into account the most recent knowl-
edge in structural design, and producing technical standardisation across the European
construction sector. The Eurocodes have been finalised in the light of extensive feedback
from practitioners, since codes should reflect recognised practices current at the time of
issue, without, however, preventing the progress of knowledge.

The methodology used to demonstrate the reliability (in particular safety assessment) of
structures is the approach referred to as ‘semi-probabilistic’, which makes use of partial
coefficients applied to actions, materials properties and covering the imperfections of analy-
sis models and construction. The verification consists of analysing the failure modes of the
structure, associated with limit states, in design situations with associated combinations of
actions, which can reasonably be expected to occur simultaneously.

Inevitably, the Eurocodes took many years to complete, since to reach general consensus,
it was necessary to reconcile differing national experiences and requirements coming from
both researchers and practising engineers.
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1.2 STANDARDISATION OF SEISMIC DESIGN

The first concepts for structural design in seismic areas, the subject of Eurocode 8 (ECS8),
was developed from experience gained in catastrophes such as those due to the San Francisco
earthquake in 1906 and the Messina earthquake in 1908.

At the very beginning, in the absence of experimental data, the method used was to
design structures to withstand uniform horizontal accelerations of the order of 0.1 g. After
the Long Beach earthquake in 1933, the experimental data showed that the ground accel-
erations could be much higher, for instance 0.5 g. Consequently, the resistance of certain
structures could be explained only by the energy dissipation that occurred during the move-
ment of the structure caused by the earthquake. The second generation of codes took into
account, on the one hand, the amplification due to the dynamic behaviour of the structures,
and, on the other hand, the energy dissipation. However, the way to incorporate this dis-
sipation remained very elementary and did not allow correct differentiation between the
behaviour of the various materials and types of lateral resisting systems.

The current third generation of codes makes it possible, on the one hand, to specify the
way to take the energy dissipation into account, according to the type of lateral resistance
and the type of structural material used, and, on the other hand, to widen the scope of the
codes, for instance by dealing with geotechnical aspects. Moreover, these new rules take
into account the semi-probabilistic approach for verification of safety, as defined in EN
1990.

The appearance of displacement-based analysis methods makes it possible to foresee an
evolution towards a fourth generation of seismic design codes, where the various compo-
nents of the seismic behaviour will be better controlled, in particular those that relate to
energy dissipation. From this point of view, EC8 is at the junction between the third genera-
tion codes, of which it still forms part of its present configuration, and of fourth generation
codes.

1.3 IMPLEMENTATION OF EUROCODE 8 IN MEMBER STATES

The clauses of Eurocodes are divided into two types: (i) Principles, which are mandatory,
and (ii) Application Rules, which are acceptable procedures to demonstrate compliance with
the Principles. However, unless explicitly specified in the Eurocode, the use of alternative
Application Rules to those given does not allow the design to be made in conformity with
the code. Also, in a given Member State, the basic Eurocode text is accompanied for each
of its parts by a National Annex specifying the values of certain parameters (Nationally
determined parameters [NDPs]) to be used in this country, as well as the choice of methods
when the Eurocode part allows such a choice. NDPs are ones which relate to the levels of
safety to be achieved, and include for example partial factors for material properties. In the
absence of a National Annex, the recommended values given in the relevant Eurocode can
be adopted for a specific project, unless the project documentation specifies otherwise.

For the structures and in the zones concerned, the application of EC8 involves that of
other Eurocodes. EC8 only brings additional rules to those given in other Eurocodes, to
which it refers. Guides or handbooks can also supplement EC8 as application documents for
certain types of structural elements.

To allow the application of EC8 in a given territory, it is necessary to have a seismic zon-
ing map and associated data-defining peak ground accelerations and spectral shapes. This
set of data, which constitutes an essential basis for analysis, can be directly introduced into
the National Annex. However, in certain countries, seismic design codes are regulated by



Introduction 3

statute, and where this applies, zoning maps and associated data are defined separately by
the national authorities.

1.4 CONTENTS OF EUROCODE 8

EC8 comprises six parts relating to different types of structures (Table 1.1). Parts 1 and 5
form the basis for the seismic design of new buildings and its foundations; their rules are
aimed both at protecting human life and also limiting economic loss. It is interesting to note
that EC8 Part 1 also provides design rules for base isolated structures.

Particularly because of its overlap with other Eurocodes and the cross-referencing that
this implies, EC8 presents some difficulties at first reading. Although these can be easily
overcome by a good comprehension of the underlying principles, they point to the need for
application manuals to assist the engineer in design of the most common types of structure.

1.5 FUTURE DEVELOPMENTS

Although all the Eurocodes have undergone a rigorous process of development, drafting and
revision before publication, it is only through their application by practicing engineers on
real projects that areas for improvement become apparent, whether it is the need for clari-
fication or omissions that should be addressed. Against this background, there is a need to
collate comments from code users and compile these into a coherent list of improvements
and developments to be implemented in future updates of the codes.

The current revision cycle for the Structural Eurocodes, including EC8, has already started
in 2015/2016, but is likely to take at least five years before it is approved and made available
to practicing engineers. Two revision mechanisms are involved, namely a ‘systematic review’
and an ‘evolution process’. The ‘systematic review’ takes the form of a line by line review of
the code, focusing on clauses that require editorial or technical correction or improvement
in clarity, on identifying aspects that need to be extended or shortened, or on clauses whose
application may lead to excessive design effort or uneconomic construction. The ‘systematic
review’ informs the ‘evolution process’ that incorporates the drafting of revisions including,
where necessary, additional codified rules. The evolution process is nonetheless constrained
by the need to maintain the ‘stability’ of the code, by avoiding radical changes, and by the
desire to maintain ‘ease of use’ and to reduce the number of NDPs that are set separately by
Member States.

Although the main emphasis in this book is on the existing provisions in EC8, the scope
of several chapters extends beyond this in order to address specific aspects that are currently
being addressed within the ‘evolution process’ of EC8. These aspects are clearly highlighted,
where relevant, within the individual chapters.

Table I.] Parts of Eurocode 8

Title Reference

Part |: General Rules, Seismic Actions and Rules for Buildings EN 1998-1:2004
Part 2: Bridges EN 1998-2:2005
Part 3:Assessment and Retrofitting of Buildings EN 1998-3:2005
Part 4: Silos, Tanks and Pipelines EN 1998-4:2006
Part 5: Foundations, Retaining Structures and Geotechnical Aspects EN 1998-5:2004

Part 6:Towers, Masts and Chimneys EN 1998-6:2005
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1.6 OVERVIEW OF THIS BOOK

Seismic design of structures aims at ensuring, in the event of occurrence of a reference
earthquake, the protection of human lives, the limitation of damage to the structures and
operational continuity of constructions important for civil safety. These goals are linked to
seismic actions. Chapter 2 provides a detailed review of methods used in determining seis-
mic hazards and earthquake actions. It covers seismicity and ground motion models, with
specific reference to the stipulations of ECS.

To design economically a structure subjected to severe seismic actions, post-elastic behav-
iour is allowed. The default method of analysis uses linear procedures, and post-elastic
behaviour is accounted for by simplified methods. More detailed analysis methods are nor-
mally only utilised in important or irregular structures. These aspects are addressed in
Chapter 3, which presents a review of basic dynamics, including the response of single- and
multi-degree of freedom systems and the use of earthquake response spectra, leading to the
seismic analysis methods used in EC8. This chapter also introduces an example building,
which is used throughout most of this book to illustrate the use of EC8 in practical building
design. The structure was specifically selected to enable the presentation and examination
of various provisions in ECS.

The design of buildings benefits from respecting certain general principles conducive to
good seismic performance, and in particular to principles regarding structural regularity.
The provisions relating to general considerations for the design of buildings are dealt with
in Chapter 4. These relate to the shape and regularity of structures, the proper arrangement
of the lateral resisting elements and a suitable foundation system. Chapter 4 also introduces
the commonly adopted approach of design and dimensioning referred to as ‘capacity design’,
which is used to control the yielding mechanisms of the structure and to organise the hierar-
chy of failure modes. The selected building introduced in Chapter 3 is then used to provide
examples for the use of EC8 for siting as well as for assessing structural regularity.

Chapter 5 focuses on the design of reinforced concrete structures to EC8. It starts by
describing the design concepts related to structural types, behaviour factors, ductility provi-
sions and other conceptual considerations. The procedures associated with the design for
various ductility classes are discussed, with particular emphasis on the design of frames and
walls for the intermediate (medium) ductility class. In order to illustrate the design of both
frames and walls to EC8, the design of a dual frame/wall lateral resisting system is presented
and discussed.

The design of steel structures is discussed in Chapter 6. This chapter starts by outlining
the provisions related to structural types, behaviour factors, ductility classes and cross-
sections. This is followed by a discussion of the design procedures for moment and braced
frames. Requirements related to material properties, as well as the control of design and
construction, are also summarised. The example building is then utilised in order to dem-
onstrate the application of EC8 procedures for the design of moment and braced lateral
resisting steel systems.

Due to the similarity of various design approaches and procedures used for steel and
composite steel/concrete structures in EC8, Chapter 7 focuses primarily on discussing addi-
tional requirements, which are imposed when composite dissipative elements are adopted.
Important design aspects are also highlighted by considering the design of the example
building used in previous chapters.

There has been a renewed interest in recent years for the use of timber as a main structural
material largely due to a combination of the rising environmental concerns and the wider
availability of newly developed high-performance timber-materials. Chapter 8 of this book
starts by reviewing fundamental concepts of the cyclic behaviour of timber structures with
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particular emphasis on current building practices, followed by a summary of current EC8
provisions, which are still rather limited in scope. Finally the same example building used in
previous chapters is used for illustrating the design of a laminated-timber shear-wall system.

Chapter 9 deals primarily with the seismic design of unreinforced masonry structures,
although reinforced and confined masonry, for which limited guidance is provided in EC8,
are also discussed. General structural behaviour and design concepts for the specific build-
ing typologies of reinforced, confined and unreinforced masonry are presented. The pri-
mary analysis methods available to design masonry structures are then discussed, followed
by a design example that highlights the benefits and limitations of these analysis options.
The eight-storey building considered in previous chapters could not be realistically used
and, instead, an alternative three-storey unreinforced masonry building is considered in this
chapter.

Seismic isolation involves the introduction of low lateral stiffness bearings to detune the
building from the predominant frequencies of an earthquake. On the other hand, supple-
mental damping involves the addition of damping elements to the structure. EC8 covers
seismically isolated structures in general, as well as specific rules for base isolation of build-
ings. In Chapter 10, background concepts on seismic isolation, types of devices available,
numerical results and design criteria from ECS8 are discussed and an illustrative example
using the same case study building used in most chapters of this book is adopted. Moreover,
although EC8 does not cover passive energy dissipation systems (supplemental damping)
that are distributed over several storeys or levels, Chapter 10 includes a discussion of this
topic together with a summary of available devices, as well as an outline of recommended
design criteria for viscous and viscoelastic damping systems.

It is clearly necessary to ensure the stability of soils and adequate performance of founda-
tions under earthquake loading. This is addressed in Chapters 11 and 12 for shallow and
deep foundations, respectively. Chapter 11 provides background information on the behav-
iour of soils and on seismic loading conditions, and covers issues related to liquefaction and
settlement. Focus is given to the behaviour and design of shallow foundations. The design of
a raft foundation for the example building according to the provisions of EC8 is also illus-
trated. On the other hand, Chapter 12 focuses on the design of deep foundations. It covers
the assessment of capacity of piled foundations and pile buckling in liquefied soils as well as
comparison of static and dynamic performance requirements. These aspects of design are
illustrated through numerical applications for the example building.

In the illustrative design examples presented in Chapters 3 through 12, reference is made
to the relevant rules and clauses in EC8, such that the discussions and calculations can be
considered in conjunction with the code procedures. To this end, it is important to note that
this publication is not intended as a complete description of the code requirements or as a
replacement for any of its provisions. The purpose of this book is mainly to provide back-
ground information on seismic design in general, and to offer discussions and comments on
the use of EC8 in the design of buildings and their foundations.
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Chapter 2

Seismic hazard and earthquake actions
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2.1 INTRODUCTION

Earthquake-resistant design can be considered as the art of balancing the seismic capacity of
structures with the expected seismic demand to which they may be subjected. In this sense,
earthquake-resistant design is the mitigation of seismic risk, which may be defined as the
possibility of losses (human, social or economic) due to the effects of future earthquakes.
Seismic risk is often considered as the convolution of seismic hazard, exposure and vulner-
ability. Exposure refers to the people, buildings, infrastructure, commercial and industrial
facilities located in an area where earthquake effects may be felt; exposure is usually deter-
mined by planners and investors, although in some cases avoidance of major geo-hazards
may lead to relocation of new infrastructure. Vulnerability is the susceptibility of structures
to earthquake effects and is generally defined by the expected degree of damage that would
result under different levels of seismic demand; this is the component of the risk equation
that can be controlled by engineering design. Seismic hazards are the potentially damaging
effects of earthquakes at a particular location, which may include surface rupture, tsunami

7
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runup, liquefaction and landslides, although the most important cause of damage on a
global scale is earthquake-induced ground shaking (Bird and Bommer, 2004). The focus
in this chapter is exclusively on this particular hazard and the definition of seismic actions
in terms of strong ground motions. In the context of probabilistic seismic hazard analysis
(PSHA), seismic hazard actually refers to the probability of exceeding a specific level of
ground shaking within a given window of time.

If resources were unlimited, seismic protection would be achieved by simply providing
as much earthquake resistance as possible to structures. In practice, it is not feasible to
reduce seismic vulnerability to an absolute minimum because the costs would be prohibitive
and certainly not justified since they would be for protection against a loading case that is
unlikely to occur during the useful life of the structure. Seismic design therefore seeks to
balance the investment in provision of seismic resistance against the level of damage, loss or
disruption that earthquake loading could impose. For this reason, quantitative assessment
and characterisation of the expected levels of ground shaking constitute an indispensable
first step of seismic design, and it is this process of seismic hazard analysis that is introduced
in this chapter.

The assessment of ground-shaking hazard due to future earthquakes invariably involves
three steps: the development of a seismic source model that quantifies the rates of occur-
rence of future earthquake scenarios in the region; the development, or application, of a
ground-motion model that defines the distribution of levels of shaking at a given site as a
result of each of these earthquake scenarios; and, the integration of these two components
into a model for the expected rates of exceedance of levels of shaking at the site of interest
(Figure 2.1).

The first three sections of this chapter deal with the three steps illustrated in Figure 2.1,
that is, seismic source models (Section 2.2), ground-motion models (Section 2.3) and seis-
mic hazard analysis (Section 2.4). The remaining two sections then explore in more detail
specific representations of the ground motion for engineering analysis and design, namely
response spectra (Section 2.5) and acceleration time-histories (Section 2.6), both with spe-
cific reference to the stipulations of EC8. This chapter closes with brief conclusions and rec-
ommendations regarding both the use of EC8 as the basis for defining seismic design loads
and possible improvements to the code that could be made in future revisions.

2.2 EARTHQUAKE PARAMETERS AND SEISMIC SOURCE MODELS

An entire book, let alone a chapter, could be dedicated to the issue of developing seismic
source models. Herein, however, a very brief overview, with key references, is presented,
with the aim of introducing definitions for the key parameters and the main concepts behind
seismic source models.

With the exception of some classes of volcanic seismicity and very deep events, earth-
quakes are generally produced by sudden rupture of geological faults, resulting in the release
of elastic strain energy stored in the surrounding crust, which then radiates from the fault
rupture in the form of seismic waves. The location of the earthquake is specified by the
location of the focus or hypocentre, which is the point on the fault where the rupture ini-
tiates and from where the first seismic waves are generated. This point is specified by the
geographical coordinates of the epicentre, which is the projection of the hypocentre on
the earth’s surface, and the focal depth, which is the distance of the hypocentre below the
earth’s surface, measured in kilometres. Although for the purposes of observational seismol-
ogy, using recordings obtained on sensitive instruments at distances of hundreds or thou-
sands of kilometres from the earthquake, the source can be approximated as a point, it is
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Figure 2.1 Schematic overview of seismic hazard analysis. The seismicity model defines scenarios of earth-
quakes of magnitude, M, at a distance, R, from the site of interest, and the ground-motion model
predicts the shaking parameter of interest for this M—R combination. The results in this case are
expressed in terms of acceleration response spectra (see Chapter 3 for definition and detailed
explanation of response spectra).

important to emphasise that in reality the earthquake source can be very large. The source
is ultimately the part of the crust that experiences relaxation as a result of the fault slip; the
dimensions of the earthquake source are controlled by the length of the fault rupture and,
to a lesser extent, the amount of slip on the fault during the earthquake. The rupture and
slip lengths both grow exponentially with the magnitude of the earthquake, as shown in
Figure 2.2. Two good texts on the geological origin of earthquakes and the nature of fault-
ing are Yeats et al. (1997) and Scholz (2002).

The magnitude of an earthquake is in effect a measure of the total amount of energy
released in the form of seismic waves. There are several different magnitude scales, each
of which is measured from the amplitude of different waves at different periods. The first
magnitude scale proposed was the Richter scale, generally denoted by M;, where the sub-
script stands for local. Global earthquake catalogues generally report event size in terms
of body-wave magnitude, m,, or surface-wave magnitude, M_, which will often give dif-
ferent values for the same earthquake. All of the scales mentioned so far share a common
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Figure 2.2 Median predicted values of rupture length (a) and slip (b) from the empirical equations of Wells
and Coppersmith (1994).

deficiency in that they saturate at a certain size and are therefore unable to distinguish
the sizes of the very largest earthquakes. This shortcoming does not apply to moment
magnitude, designated as M,, or M, which is determined from the very long-period part of
the seismic radiation. This scale is based on the parameter seismic moment, which is the
product of the area of the fault rupture, the average slip on the fault plane, and the rigidity
of the crust.

A seismicity model needs to specify the expected location and frequency of future earth-
quakes of different magnitudes. A wide range of data can be used to build up seismic source
models, generally starting with regional earthquake catalogues. Instrumental recordings
of earthquakes are only available since the end of the nineteenth century and even then
the sparse nature of early networks and low sensitivity of the instruments means that cata-
logues are generally incomplete for smaller magnitudes prior to the 1960s. The catalogue
for a region can be extended through the study of historical accounts of earthquakes and
the inference, through empirical relationships derived from twentieth century earthquakes,
of magnitudes. For some parts of the world, historical seismicity can extend the catalogue
from one hundred years to several centuries. The record can be extended even further
through palaeo-seismological studies (McCalpin, 1996), which essentially means the field
study of geological faults to assess the date and amplitude of previous co-seismic ruptures.
Additional constraint on the seismicity model can be obtained from the tectonic framework
and more specifically from the field study of potentially active structures and their signature
in the landscape. Measurements of current crustal deformation, using traditional geodesy or
satellite-based techniques, also provide useful input to estimating the total moment budget
(e.g. Jackson, 2001).

The seismicity model needs to first specify the spatial distribution of future earthquake
events, which is achieved by the definition of seismic sources. Where active geological faults
are identified and their degree of activity can be characterised, the seismic sources will be
lines or planes that reflect the location of these structures. Since in many cases active faults
will not have been identified and also because it is generally not possible to unambiguously
assign all events in a catalogue to known faults, source zones will often be defined. These
are general areas in which it is assumed that seismicity is uniform in terms of mechanism
and type of earthquake, and that events are equally likely to occur at any location within the
source. Even where fault sources are specified, these will generally lie within areal sources
that capture the seismicity that is not associated with the fault.
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Once the boundaries of the source zones are defined, which fixes the spatial distribu-
tion of the seismicity model, the next step is to produce a model for the temporal distri-
bution of seismicity. These models are generally referred to as recurrence models as they
define the average rates of occurrence of earthquakes of magnitude greater than or equal
to a particular value. The most widely used model is known as the Gutenberg—Richter
(G-R) relationship, which defines a simple power law relationship between the number
of earthquakes per unit time and magnitude. The relationship is defined by two param-
eters: the activity (i.e. the annual rate of occurrence of earthquakes of magnitude greater
than or equal to zero or some other threshold level) and the b-value, which is the slope
of the recurrence relation and defines the relative proportions of small and large earth-
quakes; b-values for large areas in much of the world are very often close to unity. The
relationship must be truncated at an upper limit, M,,,,, which is the largest earthquake
that the seismic source zone is considered capable of producing; this may be inferred
from the dimensions of capable geological structures and empirical relations such as that
shown in Figure 2.2 or simply by adding a small increment to the largest historical event
in the earthquake catalogue. The typical form of the G-R relationship is illustrated in
Figure 2.3a and d.

For major faults, it is believed that the G-R recurrence relationship may not hold and that
large magnitude earthquakes occur quasi-periodically with relatively little activity at mod-
erate magnitudes. This leads to alternative models, also illustrated in Figure 2.3b,c,e and f:
if only large earthquakes occur, then the maximum magnitude model is adopted, whereas
if there is also some activity in the smaller magnitude ranges, then a model is adopted,
which combines a G-R relationship for lower magnitudes with the occurrence of larger
characteristic earthquakes at higher rates than would be predicted by the extrapolation of
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the G-R relationship. The recurrence rate of characteristic events will generally be inferred
from palaeo-seismological studies rather than from the earthquake catalogue, since such
earthquakes are generally too infrequent to have multiple occurrences in catalogues. Highly
recommended references on recurrence relationships include Reiter (1990), Utsu (1999) and
McGuire (2004).

2.3 GROUND-MOTION CHARACTERISATION AND PREDICTION

The crux of specifying earthquake actions for seismic design lies in estimating the ground
motions caused by earthquakes. The inertial loads that are ultimately induced in structures
are directly related to the motion of the ground upon which the structure is built. The pres-
ent section is concerned with introducing the tools developed, and used, by engineering
seismologists for the purpose of relating what occurs at the source of an earthquake to the
ground motions that can be expected at any given site.

2.3.1 Accelerograms: Recording and processing

Most of the developments in the field of engineering seismology have spawned from the
acquisition of high-quality recordings of strong ground-motions using accelerographs. The
first of these was not obtained until March 1933 during the Long Beach, California, earth-
quake but since that time thousands of strong-motion records have been acquired through
various seismic networks across the globe. Prior to the acquisition of the first accelero-
grams, recordings of earthquake ground-motions had been made using seismographs but
the relatively high sensitivity of these instruments precluded truly strong ground motions
from being recorded. It was not until the fine balance between creating a robust yet sensi-
tive instrument was achieved, through the invention of the accelerograph, that the field of
engineering seismology was born.

Accelerographs currently come in two main forms: analogue and digital. The first instru-
ments were analogue and, while modern instruments are now almost exclusively digital,
many analogue instruments remain in operation and continue to provide important record-
ings of strong ground motions. The records obtained from both types of instrument must
be processed before being used for most applications. Accelerographs simultaneously record
accelerations with respect to time in three orthogonal directions (usually two in the hori-
zontal plane and one vertical) yet, despite this configuration, it is never possible to fully
capture the true three-dimensional motion of the ground as the instruments do not ‘see’ all
of the ground motion. The acceleration time-series that are recorded may be viewed in the
frequency domain following a discrete Fourier transform. Upon performing this operation
and comparing the recorded Fourier amplitude spectrum with the spectrum associated with
the background noise recorded by the instrument, one finds that all accelerographs have a
finite bandwidth over which the signal-to-noise ratio is sufficiently high that one can be con-
fident that the recorded motions are genuinely associated with earthquake-induced ground
shaking. Beyond the lower and upper limits of this bandwidth, and even at the peripheries if
proper filtering is not performed, the record may become contaminated by noise. Boore and
Bommer (2005) provide extensive guidance on how one should process accelerograms in
order to ensure that the records are not contaminated. Boore and Bommer (2005) highlight
the fundamental importance of applying an appropriate low-cut filter, particularly when
using an accelerogram to obtain spectral ordinates of displacement. However, the key issue
is to identify the maximum period up to which the filtered data can be reliably used.
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Figure 2.4 Acceleration, velocity and displacement from analogue (a) and digital (b) recordings. Grey traces
were obtained from the originally recorded records by removing the overall mean and the pre-
event mean for the analogue and digital records, respectively. The black traces show the velocities
and displacements derived from acceleration time series filtered as indicated. The displacement
axis labels for the unfiltered motions (grey) are given on the right side of the graphs. (Adapted
from Boore, D.M and Bommer, J.J. 2005, Soil Dynamics and Earthquake Engineering, 25, 93—115).

Akkar and Bommer (2006) explored the usable period ranges for processed analogue and
digital accelerograms and concluded that for rock, stiff and soft soil sites, analogue record-
ings can be used for determining the elastic response at periods up to 0.65, 0.65 and 0.7 of
the long-period filter cut-off respectively, whereas for digital recordings these limits increase
to 0.8, 0.9 and 0.97. This issue is of great relevance as displacement-based design methods
(Priestley et al., 2007), which rely upon the specification of long-period displacement spec-
tral ordinates, become more widely adopted. An example of the influence of proper record
processing is shown in Figure 2.4 in which both an analogue and a digital record are shown
before and after processing — this example clearly shows how sensitive the displacement is
to the presence of noise.

2.3.2 Ground-motion parameters

Once an accelerogram has been recorded and properly processed, many quantitative param-
eters of the ground motion may be calculated (for a description of many of these, see Kramer,
1996). Each of these parameters provides information about a different characteristic of the
recorded ground motion. As far as engineering design is concerned, very few of these param-
eters are actually considered or used during the specification of design loads. Of those that
may be calculated, peak ground acceleration (PGA) and ordinates of 5% damped elastic
acceleration response spectra, S,(T,§ = 5%), have been used by far the most frequently.
Figure 2.5 shows many of the possible ground-motion parameters that may be calculated
for an individual earthquake record. Each one of these descriptive parameters provides some
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Figure 2.5 Demonstration of the types of ground-motion parameters that may be calculated from a single
record. The record in this case is the 020° component recorded during the 1994 Northridge
earthquake at the Saturn St. station in Los Angeles. The three panels (a—c) show the accelera-
tion, velocity and displacement time series, respectively, as well as the peak and root-mean-
square (rms) values. The panels (d—f) show, a Husid plot of the build up of Arias intensity as well
as significant durations between 5%—75% and 5%—95% of the total Arias intensity, (e) the Fourier
amplitude spectrum along with the mean period and (f) the acceleration response spectrum at
damping levels of 2%, 5% and 10% of critical, respectively.

degree of information that may be used to help understand the demands imposed upon a
structure. Although methodological frameworks are in place to simultaneously specify more
than one ground-motion parameter (Bazzurro and Cornell, 2002) and to carry these param-
eters through to a structural analysis (Shome and Cornell, 2006) the additional complexity
that is required for their implementation is excessively prohibitive without justifiable benefit
in many cases. However, it is inevitable that earthquake engineers will seek to account for
more characteristics of ground motions in the future.
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2.3.3 Empirical ground-motion prediction equations

We have seen the numerous options that are available for describing the characteristics of
ground motions in the previous section. Now, given a large number of records, one can cal-
culate values for any of these parameters and develop a mathematical model to relate these
values with any other parameter relevant to this suite of records, such as the magnitude of the
earthquake from which they came. This type of reasoning is the basis for the development of
empirical predictive equations for strong ground motions. Usually, a relationship is sought
between a suite of observed ground-motion parameters and an associated set of independent
variables, including a measure of the size of the earthquake, a measure of distance from the
source to the site, some classification of the style-of-faulting involved and some description of
the geological and geotechnical conditions at the recording site. An empirical ground-motion
prediction equation is simply a mathematical function of these independent variables that
provides an estimate of the expected value of the ground-motion parameter in consideration
as well as some measure of the distribution of values about this expected value.

Thus far the development of empirical ground-motion prediction equations has been
almost exclusively focussed upon the prediction of peak ground motions, particularly PGA
and, to a far lesser extent, PGV, and ordinates of 5% damped elastic acceleration response
spectra (Douglas, 2003; Bommer and Alarcén, 2006). Predictive equations have also been
developed for most of the other parameters of the previous section, as well as others not
mentioned, but as seismic design actions have historically been derived from PGA or S,(T)
the demand for such equations is relatively weak. However, the performance of PGA (Wald
et al., 1999) and, to a lesser extent, even S, (T) (Priestley, 2003; Akkar and Ozen, 2005)
for the purposes of predicting structural damage has been questioned. Improvements in
the collaboration between engineering seismologists and structural earthquake engineers
has prompted the emergence of research into what really are the key descriptors (such as
inelastic spectral ordinates and elastic spectral ordinates for damping ratios other than 5%)
of the ground motion that are of importance to structural response and to the assessment of
damage in structures (Bozorgnia et al., 2006; Tothong and Cornell, 2006), although their
uptake remains limited in practice.

Regardless of the ground-motion measure in consideration, a ground-motion prediction
equation can be represented as a generic function of predictor variables, u(M,R,0), and a
variance term, €0y, as in Equation 2.1, where M represents magnitude, R is a measure of
distance and 6 denotes a vector of any other predictor variables used by the prediction
equation.

logy = W(M,R,0)+ €0t 2.1)

Many developers of ground-motion prediction equations attempt to assign physical sig-
nificance to the terms in the empirically derived function w(M,R,0). In some cases, it is pos-
sible to derive theoretical equations that may be used as the basis for selecting appropriate
functional forms (e.g. Douglas, 2002). Although these theoretical considerations enable us
to select appropriate functional forms, once the regression analysis has been conducted the
actual values of regression coefficients should not be interpreted as having physical meaning
as correlations of varying degrees always exist between the coefficients for different terms
of the model.

For most ground-motion measures, the values will increase with increasing magnitude
and decrease with increasing distance. These two scaling effects form the backbone of pre-
diction equations and many functional forms have been proposed to capture the variation
of motions with respect to these two predictors (Douglas, 2003). For modern relationships
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distinctions are also made between ground motions that come from earthquakes having
different styles of faulting, with reverse faulting earthquakes tending to generate larger
ground motions than either strike-slip or normal faulting events (Bommer et al., 2003).
Historically, account was also taken for site conditions by adding modifying terms similar
to those used for the style-of-faulting effects — stiff soil sites have larger motions than rock
and soft soil sites have larger motions still. In Europe, this use of dummy variables for
generic site classes (e.g. Ambraseys et al., 2005; Akkar and Bommer, 2007a,b) remained
the adopted approach up until the latest generation of prediction equations were released
(Douglas et al., 2014). However, these new ground-motion models are not yet routinely
being used to define hazard maps in European national annexes. The new European mod-
els now follow the lead of researchers in the US and site response is now modelled using
the average shear-wave velocity over the upper 30 m, as first introduced by Boore et al.
(1997). Furthermore, the influence of non-linear site response, whereby weaker motions
tend to be amplified more so than stronger motions due to the increased damping and
reduced strength associated with the latter, is also taken into account (Abrahamson and
Silva, 1997; Choi and Stewart, 2005). Figure 2.6 demonstrates the form of the non-linear
site amplification functions adopted in two prediction equations developed as part of the
next generation of attenuation relations (NGA-West 1) project in the United States. The
difference in site amplification relative to rock for sites with differing shear-wave velocities
and varying input rock ground motion is striking, with both models predicting de-amplifi-
cation at strong levels of input rock motion.

In addition to the basic scaling of ground motions with magnitude, distance, site con-
ditions, etc., there are additional seismological circumstances that may result in ground
motions that differ from the scaling implied by basic source, path and site scaling that are
commonly either omitted from developed equations or are later applied as correction fac-
tors to the base models. The most common examples include accounting for differences
between sites located on the hanging or foot wall of dip-slip fault sources (Abrahamson
and Somerville, 1996; Chang et al., 2004), accounting for rupture directivity effects
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Figure 2.6 Comparison of two non-linear site response models for peak ground acceleration. Both models
are from the NGA project with Abrahamson and Silva (2007) and Chiou and Youngs (2006)
on parts (a) and (b), respectively. The Abrahamson and Silva (2007) model shows amplification
with respect to the expected value of PGA at a site with Vg, = 1100 m/s while the Chiou and
Youngs (2006) model shows the amplification with respect to expected motions on a site with
Vo= 1130 m/s.
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(Somerville et al., 1997; Abrahamson, 2000), including models for the velocity pulse asso-
ciated with directivity effects (Bray and Rodriguez-Marek, 2004), basin effects (Choi et al.,
2005) and topographic modifiers (Toshinawa et al., 2004). The most recent predictor vari-
able to be included in prediction equations for peak ground motions and spectral ordinates
is the depth to the top of the rupture (Kagawa et al., 2004; Somerville and Pitarka, 2006).
Currently, none of these effects are incorporated into any predictive equations for ground
motions in Europe. Again, this is primarily a result of the lack of well-recorded strong
earthquakes in the region. As the European strong-motion recording network continues to
develop, our ability to capture some of these additional characteristics of ground motions
improves.

2.3.4 Ground-motion variability

For any particular ground-motion record, the total variance term given in Equation 2.1 may
be partitioned into two components as in Equation 2.2.

log yi = Wy, 7,0;) + 6, + 0, (2.2)

The terms §,; and §, ; represent the inter-event and intra-event residuals respectively and
quantify how far away from the mean estimate of logy, the motions from the ith event
and the jth recording from the ith event are respectively (Abrahamson and Youngs, 1992).
Alternatively, these terms may be expressed in terms of standard normal variates (z,; and
2,;) and the standard deviations of the inter-event (1) and intra-event (G) components, that
is,8,,=z,tand §, ;= 2, ;0. The total standard deviation for a predictive equation is obtained
from the square root of the sum of the inter-event and intra-event variances, 67 = 1>+ G~.
Later, in Section 2.4 regarding PSHA, mention will be made of epsilon, e, representing
the number of total standard deviations from the median predicted ground motion. Often
ground motion modellers represent the terms §,; and §,;; by n; and ¢, respectively. Under this
convention, care must be taken to not confuse the epsilon, €, with the intra-event residual,
g;, term — the two are related via the expression e = (1, + ¢;)/0r, that is, e = (3, + §, ;)/c; using
our notation. There are also far more elaborate frameworks and naming conventions that
have been proposed to deal with more sophisticated site-specific applications, for example,
Al Atik et al. (2010), but a detailed discussion of these is far beyond the scope of this over-
view chapter.

Each of these components of variability may be modelled as functions of other parameters
such as the magnitude of the earthquake (Youngs et al., 1995), the shear-wave velocity at
the site (Abrahamson and Silva, 2007) or the amplitude of the ground motion (Campbell,
1997). Exactly how these components are calculated depends upon the regression methodol-
ogy that is used to derive the equations. However, the most common approach is to adopt
random effects procedures where the correlation between ground motions observed within
any particular event is assumed to be the same across events and is equal to p = T/(1? + ¢2).
This concept is shown schematically in Figure 2.7.

Many people think of ground-motion variability as a measure of the lack of fit of a par-
ticular predictive equation. However, in most cases, it is better to think of a predictive
equation as providing an estimate of the distribution of ground motions given a set of pre-
dictor variables such as magnitude and distance. From this perspective, the real misfit of
the model is related to how well the model’s distribution represents the true distribution of
ground motions rather than how large are the variance components. People tend not to like
large variability, reasoning that this implies that we cannot predict this measure of ground
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Figure 2.7 Explanation of the variance components specified in ground-motion prediction equations. The
part (a) shows how the median prediction for an individual event may be higher or lower than
the median prediction for all events — the inter-event residuals, 3, ;. About this median prediction
for each event are random variations in ground motion — the intra-event residuals, 80,,-]-. The his-
tograms on part (b) show how both the inter- and intra-event residuals are normally distributed
with zero means and variances of 12 and 2, respectively. The median predictions are generated
foran M, 6.5 earthquake with an R distance of 10 km for strike-slip faulting and rock conditions
using the equations of Akkar and Bommer (2007b). (Based on a concept from Youngs et al. 1995,
Bulletin of the Seismological Society of America, 85, 1161-1176.)

motion with much certainty. However, this perspective is closely related to the paradigm
that ground motions are ultimately predictable and that it is only through a result of inad-
equate modelling and incomplete knowledge that the apparent variability arises. If, on the
other hand, one views ground motions as being inherently unpredictable (beyond a certain
resolution), then one must view the variability not as a measure of the misfit, but rather as an
additional part of the model that describes the range of observable ground motions given an
event. Under this latter paradigm, there is no reason to like or dislike a particular ground-
motion measure simply because predictive equations for this measure have a broad distri-
bution. The only rational basis for judging the importance of a ground-motion measure is
to assess the ability of this measure to accurately predict structural response. That said, in
most cases, less variability in the ground motion estimate will translate into less variability
in the response.

2.4 SEISMIC HAZARD ANALYSIS

The primary objective of engineering seismology is to enable seismic hazard analyses to
be conducted. The two previous sections have provided most of the essential background
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required to understand seismic hazard analysis at its most basic level. As will soon be dem-
onstrated, the mechanics of hazard analysis are relatively straightforward. However, a thor-
ough understanding of the concepts laid out in the sections thus far, as well as many others,
is a prerequisite for conducting a high-quality hazard analysis. Unfortunately, in current
practice, this prerequisite is all too often not met.

2.4.1 Probabilistic versus deterministic approaches

Bommer (2002) presents a comprehensive discussion of the differences and similarities
between probabilistic and deterministic approaches to seismic hazard analysis. While the
proponents of deterministic methods would like to perpetuate the conception that there is
ongoing academic debate regarding which is the superior method, the truth of the matter is
that deterministic seismic hazard analysis (DSHA) is simply a special case of probabilistic
seismic hazard analysis (PSHA) in which only a small number of earthquake scenarios (com-
binations of magnitude, distance and epsilon) are considered. In contrast, in PSHA all pos-
sible scenarios that are deemed to be of engineering interest are considered (Abrahamson,
2006; Bommer and Abrahamson, 2006). Much of the discussion regarding PSHA and
DSHA has focussed on apparent issues that really stem from misunderstandings of the ter-
minology that is often loosely used in PSHA (Bommer and Abrahamson, 2007). Bommer
(2003) highlights some of the most common misunderstandings, particularly in relation to
the treatment of uncertainty and urges the proponents of DSHA to try to develop a consis-
tent set of terminology for their approaches.

2.4.2 Basics of PSHA, hazard curves and return periods

It is perhaps unfortunate that the mathematical formulation of PSHA is somewhat intim-
idating for some, as the mechanics behind the framework are actually very simple. For
example, imagine one wanted to know how often a particular level of some ground-
motion measure is exceeded at a site. Now, suppose that there is a seismic source near
this site that regularly generates earthquakes of a particular magnitude and further sup-
pose that the rate at which these earthquakes occur may be quantified. Once this rate is
obtained, it may be combined with an estimate of how often the ground-motion level at
the site is exceeded when this earthquake scenario occurs. For example, an event of mag-
nitude M may occur once every six months and each time it does there is a 50% chance
of exceeding a target ground-motion — this target level is then exceeded by this scenario,
on average, once every year. If one then considered another earthquake scenario, and
repeated the above procedure, one would determine how often the ground-motion level
in consideration was exceeded for this alternative scenario. If the first scenario resulted
in an exceedance of the ground-motion level A, times per year and the second A, times
per year then for these two scenarios the ground-motion level is exceeded A, + A, times
per year. This is how a PSHA is conducted: all one has to do to complete the process is
to repeat the above steps for all of the possible earthquake scenarios that may affect the
site, calculate the rates at which these scenarios result in ground motions above the target
level, and then add them all up. Of course, it is not always straightforward to ascertain
how often different earthquake scenarios occur, nor is it always obvious how to most
appropriately determine the rate at which the ground motions are exceeded given these
scenarios. However, none of these issues change the simplicity of the underlying frame-
work that constitutes PSHA (Cornell, 1968; Cornell, 1971). With this simple explana-
tion firmly in mind, it is now timely to relate this to what is more commonly seen in the
literature on this subject.
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Formally, basic PSHA may be represented as in Equation 2.3 (Bazzurro and Cornell,
1999):

Aom(gm®) = Z{J.J I[GM > gm* | m,r,e]v,fM,R,E(m,r,e)l-dmdrde} (2.3)

where the capital letters represent random variables (GM =a chosen ground-motion
parameter, M = magnitude, R = distance, and E =epsilon) while their lower-case counter-
parts represent realisations of these random variables. The total rate at which earthquakes
occur having a magnitude greater than the minimum considered for source i is denoted by
V; (as this term is a constant for each source it may be taken outside of the triple integral, as
is commonly done in many representations of this equation). The joint probability density
function of magnitude, distance and epsilon is given by fy r x(72,7,e); and I[GM > gm*Im,r,e]
is an indicator function equal to one if GM > gm* and zero otherwise. Finally, and most
importantly, Aq,(gm*) is the total annual rate at which the target ground-motion value,
gm*, is exceeded. This is often the way that PSHA is presented in the literature; however,
the nature of the joint probability density function in magnitude, distance and epsilon may
be intractable for the non-cognoscenti and it is consequently worth spending some time to
describe this key term of Equation 2.3. Using some basic concepts of probability theory, we
may decompose the joint probability density function (pdf) into more tractable parts as in
Equation 2.4.

VifM,R,E(ms 7,€); = VifM(mlxhyp)thyp(thp) fr(rim, Xpypy 0;) fe(€)
How many times per year do How many times per year doesan  When this event occurs, How likely are 2.4
all possible levels of ground earthquakeyof M =51 ocycur in source what sort of rupture does the possible GM ( )
motion occur from source 7? i with a hypocentre at Xjyp ? it produce? values for this

scenario?

Each of these components of the joint pdf, while already annotated, deserves some addi-
tional comment and explanation:

FXpyp (Xiyp) — the pdf for an event having a hypocentre equal to x,,,, where x,,, = (longitude,
latitude, depth) is any position within source i. A common assumption that is made,
and that was made in Cornell’s original presentation of PSHA, is that hypocentres are
equally likely to occur anywhere within a seismic source. This assumption requires the
least amount of information regarding the nature of activity for the seismic source.

fu(mlx,,,) — the conditional pdf of magnitude given the hypocentral position. In many
hazard analyses, this term is not implicitly considered; instead analysts simply take
the previous assumption that earthquakes may occur with equal probability anywhere
within a seismic source and also assume that these events may have the full range of
magnitudes deemed possible for the source. In this case this term is not conditioned
upon the hypocentre position and one simply recovers f,,(m), the pdf of magnitude.
However, some analysts may wish to address this problem more thoroughly and make
alternative assumptions using analyses such as those of Somerville et al. (1999) and
Mai et al. (2005). For example, it may be assumed that large earthquakes tend to
have relatively deep hypocentres and the pdf may be modified accordingly. The pdf of
magnitude is often assumed to follow a doubly bounded exponential distribution for
areal sources (Cornell and Vanmarcke, 1969); a modified form of the famous G-R
equation (Gutenberg and Richter, 1944), and a characteristic distribution for fault
sources (Schwartz and Coppersmith, 1984) as mentioned in Section 2.2. However,
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any distribution that relates the relative rates of occurrence of earthquakes of different
sizes is permissible.

fr(rlm,x,,,,6;) — the conditional pdf of the distance measure used in the ground-motion
prediction equation given the rupture surface of the earthquake. The rupture sur-
face depends upon the hypocentre, the size of the event and various other parameters
encapsulated in 6; including the strike and dip of the fault plane (for fault sources), the
depth boundaries of the seismogenic zone, the segment of the fault on which the rup-
ture starts, etc. This term is important as it translates the assumptions regarding the
potential locations of earthquakes into measures of distance that are appropriate for
use in empirical prediction equations. Note that this term is necessarily different for
each distance measure that is considered.

fe(e) — the pdf of epsilon. It is important to note that this term is always simply the pdf
of the standard normal distribution. For this reason, it is not necessary to make this
a conditional pdf with respect to anything else. Although standard deviations from
ground-motion predictive equations may be dependent upon predictor variables such
as magnitude, the variable epsilon remains statistically independent of these other
variables (Bazzurro and Cornell, 1999).

Given this more complete representation of Equation 2.4, one must now also modify
the integral to be expressed in terms of the relevant variables in Equation 2.3. In reality,
this is not at all cumbersome as the integrals are not evaluated analytically anyway and
all that is required is to discretise the range of possible parameter values and to determine
the contribution to the hazard from each permissible permutation of each parameter. The
general process alluded to in the introductory example and elaborated upon in the above
is further represented schematically in Figure 2.8. In this figure, the method via which the
probability that the ground motion exceeds the target level is represented in two ways: (1) in

(a) (b) Continuous Discrete
PIE > &(gm™) [ m;, 7) S PIE = &6, > e(gm). m, )
R=r [ M = 1y, Xy = X 0;= (6,8,..) 4 4
Strike, 6, 2 1-De(gm*)] 2 £
\ log gm — m(m,1,0) &« elgm) —>
—> =" 0 0
log 6
-2 -2
. . [V . /1 S
Rupture scenario defined by TS oS O TS0 O
« The position of the hypocentre e )

+ The assumed rupture surface given the hypocentre, the

magnitude and the geometry of the fault Calculate the probability of exceeding the target ground-

. o motion, gm*, for this rupture scenario
+ The distance to the site given all of the above . .
+ The continuous approach is the fastest

« The discrete approach has advantages for record selection

Figure 2.8 Schematic representation of the PSHA process. (a) A portion (dark grey) of a fault source (light
grey) ruptures about the hypocentral position given by the star. The geometry of this rupture
surface depends upon various characteristics of the source as well as the magnitude of the earth-
quake. (b) The probability of the target ground-motion (gm*) being exceeded given this scenario
is shown using two equivalent approaches.
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a continuous manner through the use of the cumulative distribution function of the stan-
dard normal distribution, and (2) in a discrete manner whereby the range of epsilon values
is discretised and the contribution to the total hazard is determined for each increment. Both
of these approaches will give very similar answers but the latter approach offers advantages
in terms of later representing the total hazard and also for the selection of acceleration time
histories to be used in seismic design (McGuire, 1995; Bazzurro and Cornell, 1999; Baker
and Cornell, 2006).

Thus far, we have only been concerned with calculating the rate at which a single target
ground motion is exceeded. If we now select a series of target ground-motion levels and
calculate the total rate at which each level is exceeded, we may obtain a hazard curve, which
is the standard output of a PSHA, that is, a plot of A, (gm™) against gm*. Examples of the
form of typical hazard curves are given in Figure 2.9 where the ground-motion measure in
this case is PGA.

The curves shown in Figure 2.9 demonstrate the strong influence that the aleatory vari-
ability in the ground-motion prediction equation has on the results of a seismic hazard
analysis. Bommer and Abrahamson (2006) discussed this issue in detail, reviewing the his-
torical development of PSHA as well as bringing to light the reason why modern hazard
analyses often lead to higher hazard estimates. The answer to this question often lies in the
inappropriate treatment, in early studies, of the aleatory variability in ground-motion pre-
diction equations, with the worst practice being to simply ignore this component of PSHA
in a manner akin to most deterministic hazard analyses.

Once a hazard curve has been developed, the process of obtaining a design ground motion
is straightforward. The hazard curve represents values of the average annual rate of exceed-
ance for any given ground-motion value. Under the assumption that ground motions may
be described by a Poisson distribution over time, the average rate corresponding to the
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Figure 2.9 Example hazard curves for a fictitious site. Each hazard curve is calculated using a different value
for the total standard deviation for the ground-motion prediction equation; the values presented
on the figure correspond to typical values for prediction equations using base 10 logarithms.
(Courtesy of Bommer, J.J. and Abrahamson, N.A. 2006, Bulletin of the Seismological Society of
America, 96, 1967-1977.)
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probability of at least one exceedance within a given time period may be determined using
Equation 2.5.

_ —In(1-P)
p=0 (2.5)

For example, the ubiquitous, yet arbitrary (Bommer, 2006a), 475-year return period used
in most seismic design codes throughout the world comes from specifying ground motions
having a 10% chance of being exceeded at least once in any 50-year period. Inserting P =0.1
and T'= 50 years into Equation 2.5 yields the average annual rate corresponding to this con-
dition, the reciprocal of which is the return period, that in this case is equal to 475 years.
Note that because A is a function of both P and T there are infinitely many combinations of
P and T that result in a 475-year return period. Once this design criterion is specified, one
simply finds the level of ground motion that corresponds to this rate on the hazard curve in
order to obtain the design ground motion.

2.4.3 Uncertainty and logic trees

The PSHA methodology laid out thus far is capable of accounting for all of the aleatory
variability that exists within the process. However, there is another important component
of uncertainty that must also be accounted for — the uncertainty associated with not know-
ing the applicability of available models. This type of uncertainty is known as epistemic
uncertainty within the context of PSHA. Aleatory variability and epistemic uncertainty
can further be partitioned into modelling and parametric components as is described in
Table 2.1 (here the focus is on ground-motion modelling, but the concepts hold for any other
component of the PSHA process). These distinctions are not just semantics, each aspect of
the overall uncertainty must be treated prudently and each must be approached in a differ-
ent manner. As implied in Table 2.1, the logic-tree is the mechanism via which the epistemic
uncertainty is usually accounted for in PSHA. As with any conceptual framework, practical
application often reveals nuances that require further investigation and many such issues
have been brought to light as a result high-level projects in practice, the PEGASOS project
(Abrahamson et al., 2002) serving as a prime example. Aspects such as model selection,

Table 2.1 Proper partitioning of the total uncertainty associated with ground-motion modelling into
distinct modelling and parametric components of both aleatory variability and epistemic
uncertainty

Aleatory variability Epistemic uncertainty

Modelling Variability based on the misfit between Uncertainty that the model is correct. Relative
model predictions and observed ground- weights given to alternative credible models.
motions (unexplained randomness) (Alternative estimates of median ground-

G, motions and G,,)

Parametric  Variability based on propagating the Uncertainty that the distribution of the
aleatory variability of additional source additional source parameters is correct.
parameters through a model (understood Relative weights given to alternative models of
randomness) the parameter distributions. (Alternative

c, estimates of G, for each model)
Total 163" +G§ (the modelling and parametric Logic-trees for both components (the modelling

e and parametric logic-trees will be correlated
variabilities are uncorrelated) P 8 )

Source: Adapted from Bommer, JJ. and Abrahamson, N.A. 2007, Bulletin of the Seismological Society of America, 97:
2208-2211.
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Figure 2.10 Example of a suite of PGA hazard curves obtained from a logic tree for a fictitious site.

model compatibility and the overall sensitivity of PSHA to logic-tree branches for ground-
motion models have all been addressed (Scherbaum et al., 2004a,b, 2005; Bommer et al.,
2005; Sabetta et al., 2005; Beyer and Bommer, 2006; Cotton et al., 2006) as have issues
associated with how the outputs (suites of hazard curves) of the logic-tree are harvested
(Abrahamson and Bommer, 2005; McGuire et al., 2005; Musson, 2005).

Figure 2.10 shows a suite of hazard curves, including the mean, the median and four
other fractiles, obtained from a hypothetical PSHA conducted using a logic tree. This figure
highlights two important aspects associated with the outputs of logic trees: (1) the range of
ground-motion values corresponding to a given hazard level may vary considerably across
fractiles and (2) as one moves to longer return periods the difference between the mean and
median hazard curves may become very large. The first aspect reinforces the importance of
taking into account different interpretations of the regional seismotectonics as well as dif-
ferent models or approaches to estimating ground motions (see Table 2.1), while the second
aspect demonstrates that one must be clear about how the design ground motion is to be
specified as the results corresponding to the mean hazard and various fractiles may differ
considerably.

2.4.4 Hazard maps and zonations

For the purpose of representing seismic hazard over a broad spatial region, separate haz-
ard analyses are conducted at a sufficiently large number of points throughout the region
such that contours of ground-motion parameters may be plotted. Such maps could be used
directly for the specification of seismic design loads, but what is more common is to take
these maps and to identify zones over which the level of hazard is roughly consistent. If the
hazard map is produced with a high enough spatial resolution, then changes in hazard over
small distances are always relatively subtle. However, for zonation maps, there will often be
locations where small differences in position will mean the difference between being in one
zone or another with the associated possibility of non-trivial changes in ground-motions.
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Under such a circumstance, regulatory authorities must be take care in defining the bound-
aries of the relevant sources; the common practice is to adjust the zone limits to coincide
with political boundaries in order to prevent ambiguity.

Prior to the introduction of EC8, a comparative analysis of the state of national haz-
ard maps within 16 European countries was undertaken (Garcia-Mayordomo et al., 2004).
The study highlights the numerous methodological differences that existed between hazard
maps developed for various countries across Europe. Many of the differences that exist do
so as a result of the differing degrees of seismicity that exist throughout the region, but some
of these differences were exacerbated as a result of parochialism despite geological processes
not being concerned with human-made or political boundaries. There are, however, other
examples of efforts that have been made to develop consistent seismic hazard maps over
extended regions. The best example of a concerted effort to harmonise the characterisation
of seismic hazard throughout Europe is provided by the SHARE project (http://www.share-
eu.org). It is interesting to compare the outcomes of this recent project to two older examples
of similar efforts: the GSHAP (Giardini et al., 1999) and SESAME (Jiménez et al., 2001)
projects. An example of one of these older regional hazard maps may be viewed at http:/
www.seismo.ethz.ch/GSHAP/.

For truly robust hazard maps to be developed, the best of both approaches must be drawn
upon. For example, ground-motion prediction equations developed from large regional
datasets, such as those of Ambraseys et al. (2005) or Akkar and Bommer (2007a,b), are
likely to be more robust when applied within individual countries than those developed
from a more limited national dataset (Bommer, 2006b). Furthermore, ground-motion mod-
ellers working in low-seismicity regions, such as in most parts of Europe, often make infer-
ences regarding the scaling of ground motions with magnitude on the basis of the small
magnitude data that is available to them. In doing so, researchers find apparent regional
differences that exist when making comparisons between their data and the predictions
of regional ground-motion models derived from predominantly from recordings of larger
magnitude earthquakes (i.e. Marin et al., 2004). Recent work has shown that such infer-
ences may be unfounded and that particular care must be taken when extrapolating empiri-
cal ground-motion models beyond the range of magnitudes from which they were derived
(Bommer et al., 2007). On the other hand, the detailed assessments of seismogenic sources
that are often included for national hazard map and zonation purposes are often not fully
incorporated into regional studies where the spatial resolution is relatively poor.

2.5 ELASTIC DESIGN RESPONSE SPECTRA

Most seismic design is based on representing the earthquake actions in the form of an
equivalent static force applied to the structure. These forces are determined from the maxi-
mum acceleration response of the structure under the expected earthquake-induced ground
shaking, which is represented by the acceleration response spectrum. The starting point is
an elastic response spectrum, which is subsequently reduced by factors that account for the
capacity of the structure to dissipate the seismic energy through inelastic deformations. The
definition of the elastic response spectrum and its conversion to an inelastic spectrum are
presented in Chapter 3; this section focuses on how the elastic design response spectra are
presented in seismic design codes, with particular reference to ECS.

The purpose of representing earthquake actions in a seismic design code such as ECS8 is
to circumvent the necessity of carrying out a site-specific seismic hazard analysis for every
engineering project in seismically active regions. For non-critical structures, it is generally
considered sufficient to provide a zonation map indicating the levels of expected ground
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motions throughout the region of applicability of the code and then to use the parameters
represented in these zonations, together with a classification of the near-surface geology, in
order to construct the elastic design response spectrum at any given site.

2.5.1 Uniform hazard spectra and code spectra

The primary output from a PSHA is a suite of hazard curves for response spectral ordi-
nates for different response periods. A design return period is then selected — often rather
arbitrarily as noted previously (e.g. Bommer, 2006a) — and then the response parameter at
this return period is determined at each response period and used to construct the elastic
response spectrum. A spectrum produced in this way, for which it is known that the return
period associated with several response periods is the same, is known as a uniform hazard
spectrum (UHS) and it is considered an appropriate probabilistic representation of the basic
earthquake actions at a particular location. The UHS will often be an envelope of the spec-
tra associated with different sources of seismicity, with short-period ordinates controlled by
nearby moderate-magnitude earthquakes and the longer-period part of the spectrum domi-
nated by larger and more distant events. As a consequence, the motion represented by the
UHS may not be particularly realistic if interpreted as a scenario spectrum and this becomes
an issue when the motions need to be represented in the form of acceleration time histories,
as discussed in Section 2.6. If the only parameter of interest to the engineer is the maximum
acceleration that the structure will experience in its fundamental mode of vibration, regard-
less of the origin of this motion or any other of its features (such as duration), then the UHS
is a perfectly acceptable format for the representation of the earthquake actions. In the fol-
lowing discussion, it is assumed that the UHS is a desirable objective.

Until the late 1980s, seismic design codes invariably presented a single zonation map, usu-
ally for a return period of 475 years, showing values of a parameter that in essence was the
PGA. This value was used to anchor a spectral shape specified for the type of site, usually
defined by the nature of the surface geology, and thus obtain the elastic design spectrum. In
many codes, the ordinates could also be multiplied by an importance factor, which would
increase the spectral ordinates (and thereby the effective return period) for the design of
structures required to perform to a higher level under the expected earthquake actions,
either because of the consequences of damage (e.g. large occupancy or toxic materials) or
because the facility would need to remain operational in a post-earthquake situation (e.g.
fire station or hospital).

A code spectrum constructed in this way would almost never be a UHS. Even at zero
period, where the spectral acceleration is equal to PGA, the associated return period would
often not be the target value of 475 years since the hazard contours were simplified into
zones with a single representative PGA value over the entire area. More importantly, this
spectral construction technique did not allow the specification of seismic loads to account
for the fact that the shape of response spectrum varies with earthquake magnitude as well
as with site classification (Figure 2.11), with the result that even if the PGA anchor value
was associated with the exact design return period, it is very unlikely indeed that the spec-
tral ordinates at different periods would have the same return period (McGuire, 1977).
Consequently, the objective of a UHS is usually not met by anchoring spectral shapes to the
zero-period acceleration.

Various different approaches have been introduced in order to achieve a better approxi-
mation to the UHS in design codes, generally by using more than one parameter to con-
struct the spectrum. The 1984 Colombian and 1985 Canadian codes both introduced a
second zonation map for peak ground velocity (PGV) and in effect used PGA to anchor the
short-period part of the spectrum and PGV for the intermediate spectral ordinates. Since
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Figure 2.1l Median predicted response spectra, normalised to PGA, for a rock site at 10 km from earth-
quakes of different magnitudes from the Californian equations of (a) Campbell (1997) and (b)
Boore et al. (1997).

the zonation maps for the two parameters were different, the shape of the resulting elastic
design spectrum varied from place to place, reflecting the influence of earthquakes of dif-
ferent magnitude in controlling the hazard. The 1997 edition of the Uniform Building Code
(UBC) used two parameters, C, and C,, for the short- and intermediate-period portions
of the spectra (with the subscripts indicating relations with acceleration and velocity) but
curiously the ratio of the two parameters was the same in each zone with the result that the
shape of the spectrum did not vary except with site classification.

In the Luso-Iberian peninsula, seismic hazard is the result of moderate-magnitude local
earthquakes and large-magnitude earthquakes offshore in the Atlantic. The Spanish seis-
mic code handles their relative influence by anchoring the response spectrum to PGA but
then introducing a second set of contours, of a factor called the ‘contribution coefficient’
K that controls the relative amplitude of the longer-period spectral ordinates; high values
of K occur to the west, reflecting the stronger influence of the large offshore events. The
Portuguese seismic code goes one step further and simply presents separate response spec-
tra, with different shapes, for local and distant events. The Portuguese code is an interesting
case because it effectively abandons the UHS concept, although it is noteworthy that the
return period of the individual spectra is 975 years, in effect twice the value of 475 years
associated with the response spectra in most European seismic design codes (Figure 2.12).

Within the drafting committee for EC8, there were extensive discussions about how the
elastic design spectra should be constructed, with the final decision being an inelegant and
almost anachronistic compromise to remain with spectral shapes anchored only to PGA.
In order to reduce the divergence from the target UHS, however, the code introduced two
different sets of spectral shapes (for different site classes), one for the higher seismicity areas
of southern Europe (Type 1) and the other for adoption in the less active areas of northern
Europe (Type 2). The Type 1 spectrum is in effect anchored to earthquakes of magnitude
close to M, ~ 7 whereas the Type 2 spectrum is appropriate to events of M, 5.5 (e.g. Rey
etal., 2002). At any location where the dominant earthquake event underlying the hazard is
different from one or other of these magnitudes, the spectrum will tend to diverge from the
target 475-year UHS, especially at longer periods.

The importance of the vertical component of shaking in terms of the demand on struc-
tures is a subject of some debate (e.g. Papazoglou and Elnashai, 1996) but there are certain
types of structures and structural elements, such as cantilever beams, for which the vertical
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Figure 2.12 Median predicted spectral ordinates from the European ground-motion prediction equations
of Ambraseys et al. (1996) for rock sites at 10 km from small and large magnitude events, com-
pared with the EC8 Type | and 2 rock spectra anchored to the median predicted PGA.

loading could be important. Many seismic codes do not provide a vertical spectrum at all
and those that do generally specify it as simply the horizontal spectrum with the ordinates
reduced by one third. Near-source recordings have shown that the short-period motions in
the vertical direction can actually exceed the horizontal motion, and it has also been clearly
established that the shape of the vertical response spectrum is very different from the hori-
zontal components of motion (e.g. Bozorgnia and Campbell, 2004). In this respect, EC8
has some merit in specifying the vertical response spectrum separately rather than through
scaling of the horizontal spectrum; this approach was based on the work of Elnashai and
Papazoglou (1997). As a result, at least for a site close to the source of an earthquake, the
ECS8 vertical spectrum provides a more realistic estimation of the vertical motion than is
achieved in many seismic design codes (Figure 2.13).

2.5.2 The influence of near-surface geology on response spectra

The fact that locations underlain by soil deposits generally experience stronger shaking
than rock sites during earthquakes has been recognised for many years, both from field
studies of earthquake effects and from recordings of ground motions. The influence of
surface geology on ground motions is now routinely included in predictive equations. The
nature of the near-surface deposits is characterised either by broad site classes, usually
defined by ranges of shear-wave velocities (V,), or else by the explicit value of the V, over
the uppermost 30 m at the site. Figure 2.14 shows the influence of different soil classes on
the predicted spectral ordinates from European attenuation equations and for two different
magnitudes.

Code specifications of spectral shapes for different site classes generally reflect the ampli-
fying effect of softer soil layers, resulting in increased spectral ordinates for such sites, and
the effect on the frequency content, which leads to a wider constant acceleration plateau
and higher ordinates at intermediate and long response periods. The EC8 Type 1 spectra for
different site classes are illustrated in Figure 2.15.
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Figure 2.14 Median predicted spectral ordinates from the equations of Bommer et al. (2003) for different
site classes at 10 km from strike-slip earthquakes of M, 5.5 and M, 6.5 as indicated.

As previously mentioned in Section 2.3.3, the response of a soil layer to motions propagat-
ing upwards from an underlying rock layer depends on the strength of the incoming rock
motions as a result of the non-linear response of soil (see Figure 2.6). The greater the shear
strain in the soil, the higher the damping and the lower the shear modulus of the soil, whence
weak input motion tends to be amplified far more than stronger shaking. As a rule-of-thumb,
non-linear soil response can be expected to be invoked by rock accelerations beyond 0.1-0.2
g (Beresnev and Wen, 1996). In recent years, ground-motion prediction equations developed
for California have included the influence of soil non-linearity with greater ratios of soft
soil to rock motions for magnitude—distance combinations resulting in weak rock motions



30 Seismic Design of Buildings to Eurocode 8

1.2
Site class A
1k [ Site class B
Site class C
— Siteclass D
—-——— Siteclass E

0.8

<
S

Spectral acceleration (g)
=)
o

e
o

0 0.5 1 1.5 2 2.5 3
Period (s)

Figure 2.15 Type | spectra from Eurocode 8 for different site classes, anchored for a PGA in rock of 0.3 g.

than those for which strong shaking would be expected (Figure 2.6). Improvements in the
numbers of accelerograms recorded throughout Europe coupled with improvements in the
characterisation of the recording stations have recently enabled such effects to also be incor-
porated within European ground-motion models (see Douglas et al., 2014), although not all
models have constrained this behaviour. To adequately capture these effects, and to enable
more models to incorporate these effects through empirical means, good-quality data on
site characteristics and more recordings of genuinely strong motion in the European area
are needed. Earlier studies, such as that of Bommer et al. (2007) that looked specifically for
evidence of non-linear response, were unable to find this within the European data at the
time. Some design codes, most notably the 1997 edition of UBC, have included the effects of
soil non-linearity in the specification of amplification factors for spectral loads. The implied
amplification factors for rock motions from a few attenuation equations and design regula-
tions for intermediate-period spectral response ordinates are compared in Figure 2.16.

A number of interesting observations can be made regarding the curves in Figure 2.16,
the first being the wide range of proposed amplification factors for different sites, especially
those overlain by soft soil layers. The second observation that can be made is that amplifica-
tion factors assigned to broad site classes will often be rather crude approximations to those
obtained for specific sites where the V, profile is known. The UBC spectra for Zone 1 (low
hazard) and Zone 4 (high hazard) have quite different amplification factors, with non-linear
soil response leading to much lower soil amplification in the high hazard zone. A similar
feature seems to be captured by the Type 1 and Type 2 spectra from ECS.

2.5.3 Displacement response spectra

In relatively recent years, exclusively force-based approaches to seismic design have been
questioned, both because of the poor correlation between transient accelerations and struc-
tural damage, and also because for post-yield response the forces effectively remain constant
and damage control requires limitation of the ensuing displacements. Most of the recently
introduced performance-based design methodologies can be classified as being based either
on displacement modification techniques or else equivalent linearisation. FEMA-440
(ATC, 2005) presents both approaches, allowing the designer to select the one felt to be
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Figure 2.16 Amplification factors for 1.0-second spectral acceleration for different site shear-wave velocity
values relative to rock motions; for Boore et al. (1997), rock has been assigned a shear-wave
velocity of 800 m/s.

more appropriate, acknowledging, in effect, that opinions are currently divided as to which
is the preferred approach. EC8 also envisages the potential application of these two general
approaches to the computation of displacement demand, and provides guidelines on the
appropriate seismic actions in informative annexes A and B.

The equivalent linearisation approach to displacement-based seismic design requires the
characterisation of the design motions in the form of elastic displacement response spectra.
The inelastic deformation of the structure is reflected in the longer effective period of vibra-
tion, which requires the spectral ordinates to be specified for a wider range of periods than
has normally been the case in design codes. The dissipation of energy through hysteresis
is modelled through an increased equivalent damping. Based on a proposal by Bommer
et al. (2000), the EC8 acceleration spectrum can be transformed to a displacement spec-
trum multiplying the ordinates by T?/4n2, where T is the natural period of vibration. The
critical question is at which period should the constant displacement plateau begin, which,
as can be discerned in Figure 2.17, was set at 2 seconds for the Type 1 spectrum in ECS.
This value has since been recognised to be excessively small; the corner period of the spec-
trum increases with earthquake magnitude, and for the larger events expected in Europe
(M ~ 7), the period could be expected to be on the order of 10 seconds (e.g. Bommer and
Pinho, 2006). The inadequacy of the corner period, T, being set at 2 seconds has been
demonstrated by European equations developed after the release of EC8 for the prediction
of response spectral ordinates up to 4 seconds (Akkar and Bommer, 2007b). Figure 2.17
compares the displacement spectra from EC8 with those from Akkar and Bommer (2007b)
for stiff soil sites at 10 km from earthquakes of different magnitudes. In each case, the EC8
spectra has been anchored to the predicted median PGA from the equation of Akkar and
Bommer (2007b). A number of interesting observations can be made, the first being that
the fixed spectral shape of EC8 is unable to capture the influence of varying magnitude,
with the result that the short-period spectral ordinates are severely over-predicted for the
smaller magnitudes. The second observation is that the fixed corner period of 2 seconds
is clearly inadequate and the dependence of this parameter on magnitude is very clear; for
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Figure 2.17 Comparison of 5%-damped displacement response spectra for a stiff soil site at 10 km from
earthquakes of different magnitudes from Akkar and Bommer (2007b) with the EC8 Type |
spectra for the same conditions, anchored to the PGA value predicted by the equation pre-
sented in the same study.

earthquakes of greater than magnitude 6, the corner period is longer than 2 seconds, and for
the larger events greater than 4 seconds. The most recent European ground-motion models
also corroborate these findings and continue to indicate a significant problem with the loca-
tion of the start of this constant displacement plateau.

The spectral ordinates with damping ratios higher than the nominal 5% of critical are
obtained by multiplying the spectral ordinates at intermediate periods by a factor, derived
by Bommer et al. (2000), that is a function only of the target damping level. These factors
replaced those in an early draft of EC8, and many other factors have since been proposed
in the literature and in other seismic design codes. Bommer and Mendis (2005) explored
the differences amongst the various factors and found that the amount of reduction of the
5%-damped ordinates required to match the ordinates at higher damping levels increases
with the duration of the ground motion. Since the Type 2 spectrum in EC8 corresponds to
relatively small magnitude earthquakes, which will generate motions of short duration, it
was proposed that the existing scaling equation in EC8 to obtain spectral displacements
(SD) and different damping values, &:

SD() = SD(5%) 10 (2.6)

5+¢&

should be retained for the Type 1 spectrum, whereas for the Type 2 spectrum this should be
replaced by the following expression derived by Mendis and Bommer (2006):

35
30+&

SD(&) = SD(5 %) (2.7)
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2.6 ACCELERATION TIME-HISTORIES

Although seismic design invariably begins with methods of analysis in which the earthquake
actions are represented in the form of response spectra, some situations require fully dynamic
analyses to be performed and in these cases the earthquake actions must be represented in
the form of acceleration time-histories. Such situations include the design of safety-critical
structures, highly irregular buildings, base-isolated structures, and structures designed for
a high degree of ductility. For such projects, the simulation of structural response using a
scaled elastic response spectrum is not considered appropriate and suites of accelerograms
are required for the dynamic analyses. The guidance given in the majority of seismic design
codes on the selection and scaling of suites of acceleration time-histories for such purposes is
either very inadequate or else so prescriptive as to make it practically impossible to identify
realistic accelerograms that meet the specified criteria (Bommer and Ruggeri, 2002). A point
that cannot be emphasised too strongly is that time-histories should never be matched to
a uniform hazard spectrum, but rather to a spectrum corresponding to a particular earth-
quake scenario that accounts for spectral shape implied by the hazard results, that is, a
conditional (mean) spectrum (Baker, 2011). In the case of codes, this may be difficult since
the code generally provides an approximation, albeit a crude one, to the UHS and offers no
possibility to generate a disaggregated event-specific spectrum. However, there is no reason
why this information could be provided through National Annexes.

There are a number of options for obtaining suites of acceleration time-histories for
dynamic analysis of structures, including the generation of spectrum-compatible accelero-
grams from white noise, a method which is now widely regarded as inappropriate because
the resulting signals are so unlike earthquake ground motions. The most popular option
is to use real accelerograms, which can be selected either on the basis of having response
spectra similar, at least in shape, to the elastic design spectrum, or else matching an earth-
quake scenario in terms of magnitude, source-to-site distance and possibly also site geology
(Bommer and Acevedo, 2004). The latter approach, however, is generally not feasible in the
context of seismic design code applications, because information regarding the underlying
earthquake scenarios is usually not available to the user. Selecting records from earthquakes
of appropriate magnitude is primarily an issue if the duration of the shaking (or some other
metric related to energy content) is considered an important parameter in determining the
degree of seismic demand that the records impose. This issue has received a significant
amount of attention in the technical literature (e.g. Hancock and Bommer, 2006; Iervolino
et al., 2006), and while some general consensus views have emerged, the issues are not
resolved in all cases (Chandramohan et al., 2016).

Once a suite of records has been selected, ideally using a conditional (mean) spectrum
or at least an earthquake scenario (rather than the approximate UHS suggested through
ECS8), the next question for the design engineer to address is how many records are
needed. Most of the seismic design codes that address this issue, including ECS8, specify
that a minimum of three records should be used, and that if less than seven records are
used then the maximum structural response must be used as the basis for design whereas
if seven or more time-histories are employed then the average structural response can be
used. The use of the maximum inelastic response obtained from dynamic analyses should
result in estimates of the demand that are biased high with respect to the expected level
of demand. However, it is not possible to appreciate how large this bias is likely to be
without making some estimate of what the distribution of demands should be for this
design scenario.

The key question then becomes how many records are required to obtain a stable esti-
mate of the mean inelastic response, which will depend on how the records are adjusted so
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Figure 2.18 Comparison of the difference between scaled and matched spectra. (Modified from Hancock, .
et al. 2006, Journal of Earthquake Engineering, 10(special issue 1), 67-89.)

that their spectral ordinates approximate to those of the elastic design spectrum: the more
closely the adjusted records match the target elastic design spectrum, the fewer analyses
will be needed. Options include scaling the records to match the design spectrum at the
natural period of the structure or scaling to match or exceed, the average ordinates over a
period range around this value, the extended range accounting for both the contributions
to the response from higher modes and also for the elongation of response period due to
inelastic deformations. Scaling the records in amplitude is legitimate given that the whilst
the amplitude of the motion is highly dependent on distance — especially within a few tens
of kilometres from the source — the shape of the response spectrum is actually rather insen-
sitive to distance over the range of distances of normal engineering interest (Bommer and
Acevedo, 2004). Although scaling limits of a factor of 2 were proposed at one time, and
became embedded in the ‘folklore’ of engineering practice, much larger scaling factors can
be applied (Watson-Lamprey and Abrahamson, 2006). Adjusting records by scaling the
time axis, however, is to be avoided.

An alternative to linear scaling of the records is to make adjustments, using fast Fourier
transform or wavelet transformations, to achieve a spectral shape that approximates to
that of the target design spectrum (Bommer and Acevedo, 2004). The most elegant way
to achieve this is using the wavelet transformation, which minimises the alteration of
the original accelerogram but at the same time can achieve a very good spectral match
(Hancock et al., 2006). An example of the difference between linearly scaling a record and
matching spectra through wavelet transformations is given in Figure 2.18. However, one
must appreciate that while such adjustments are permitted by EC8 they do not appropri-
ately reflect the inter-period variability that natural earthquake records possess (Stafford
and Bommer, 2010).

2.7 CONCLUSIONS AND RECOMMENDATIONS

For most engineering projects in seismic zones, the earthquake loading can be represented
by an acceleration response spectrum, modified to account for inelastic deformation of the
structure. The elastic design spectrum will most frequently be obtained through probabilistic
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seismic hazard analysis, which provides the most rational framework for handling the large
uncertainties associated with the models for seismicity and ground-motion prediction. Most
seismic design codes present zonation maps and response spectra derived probabilistically,
even though these design loads are often associated with a return period whose origin is a
fairly arbitrary selection, and the resulting response spectrum is generally a poor approxi-
mation to the concept of a uniform hazard spectrum.

The main advantage that seismic codes offer in terms of earthquake loading is allowing
the engineer to bypass the very considerable effort, expense and time required for a full
site-specific hazard assessment. This should not, however, be interpreted to mean that the
engineer should not be aware of the assumptions underlying the derivation and presentation
of the earthquake actions, as well as their limitations.

ECS8 is unique amongst seismic design codes in that it is actually a template for a code
rather than a complete set of definitions of earthquake actions for engineering design.
Each member state of the European Union has to produce its own National Application
Document, including a seismic hazard map showing PGA values for the 475-year return
period, select either the Type 1 or Type 2 spectrum and, if considered appropriate, adapt
details of the specification of site classes and spectral parameters. Interestingly, although the
stated purpose of EC8 is harmonisation of seismic design across Europe, there could well
be jumps in the level of seismic design loads across national borders as currently there is no
official project for a community-wide hazard zonation map (although the SHARE project
clearly focussed upon achieving this objective; http://www.share-eu.org).

Although there are a number of innovative features in EC8 with regards to the specifica-
tion of design earthquake actions, such as the separate definition of the vertical response
spectrum and the provision of input for displacement-based design approaches, the basic
mechanism for defining the horizontal elastic design spectrum is outdated and significantly
behind innovations in recent codes from other parts of the world, most notably the United
States. It is to be hoped that the first major revision of EC8, will modify the spectral con-
struction technique, incorporating at least one more anchoring parameter in addition to
PGA. Several other modifications are also desirable, including to the long-period portion of
the displacement spectrum and the adjustment for damping levels higher than 5% of critical.

Although seismic codes provide useful guidance for the earthquake-resistant design
of many structures, there are cases where the code specifications will not be sufficient.
Examples may include the following:

® Projects located in proximity to active faults for which near-source directivity effects
associated with the fault rupture need to be considered in the design (such effects are
considered in the 1997 edition of UBC but not in ECS8).

® Projects in areas where active faults are known or suspected to be present, and for
which surface displacements would be a critical consideration for the performance of
the structure.

® Projects on sites with deep and/or very soft soil deposits, for which the effects of the
near-surface geology on the ground motions are unlikely to be well captured by the
simplified site classes and corresponding spectral shapes in the code.

¢ Projects for which return periods significantly longer than the nominal 475 years are
considered appropriate.

¢ Any project for which fully dynamic analysis is required (since the EC8 guidelines on
preparing time-history input for such analyses is lacking in many respects).

If it is judged that a site-specific seismic hazard assessment is required, then this needs to
be planned carefully and in good time — it should be considered as an integral part of the site


http://www.share-eu.org

36 Seismic Design of Buildings to Eurocode 8

investigation, and scheduled and budgeted accordingly. If investigations of active geological
faults are to be part of the assessment, then the time and budget requirements are likely to
increase very significantly.

Seismic hazard analysis is a highly specialised discipline that is constantly evolving and
advancing, and in which a great deal of expert judgement is required. Nowadays it is fairly
straightforward to obtain geological maps, satellite imagery, earthquake catalogues, pub-
lished ground-motion prediction equations and software for performing hazard calcula-
tions, in many cases from the Internet and free of charge. The art of seismic hazard analysis,
however, lies not primarily in accessing and analysing these resources but rather in judging
their completeness and quality, and assessing the uncertainties associated with the data and
the applicability of models to the specific region and site under consideration.
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3.1 INTRODUCTION

This chapter presents a brief account of the basics of dynamic behaviour of structures, the
representation of earthquake ground motion by response spectra and the principal methods
of seismic structural analysis.

Dynamic analysis is normally a two-stage process: we first estimate the dynamic proper-
ties of the structure (natural frequencies and mode shapes) by analysing it in the absence of
external loads and then use these properties in the determination of earthquake response.

Earthquakes often induce non-linear response in structures. However, the most practical
seismic design continues to be based on linear analysis. The effect of non-linearity is gener-
ally to reduce the seismic demands on the structure, and this is normally accounted for by a
simple modification to the linear analysis procedure.

A fuller account of this basic theory can be found in Clough and Penzien (1993) or Craig
(1981).

3.2 BASIC DYNAMICS

This section outlines the key properties of structures that govern their dynamic response,
and introduces the main concepts of dynamic behaviour with reference to single-degree-of-
freedom (SDOF) systems.

3.2.1 Dynamic properties of structures

For linear dynamic analysis, a structure can be defined by three key properties: its stiffness,
mass and damping. For non-linear analysis, estimates of the yield load and the post-yield
behaviour are also required. This section will concentrate on the linear properties, with
non-linearity introduced later on.

First, consider how mass and stiffness combine to give oscillatory behaviour. The mass
m of a structure, measured in kg, should not be confused with its weight, mg, which is
a force measured in N. Stiffness (k) is the constant of proportionality between force and
displacement, measured in N/m. If a structure is displaced from its equilibrium position,
then a restoring force is generated equal to stiffness x displacement. This force accelerates
the structure back towards its equilibrium position. As it accelerates, the structure acquires
momentum (equal to mass X velocity), which causes it to overshoot. The restoring force then
reverses sign and the process is repeated in the opposite direction, so that the structure
oscillates about its equilibrium position. The behaviour can also be considered in terms
of energy — vibrations involve repeated transfer of strain energy into kinetic energy as the
structure oscillates around its unstrained position.

In addition to the above, all structures gradually dissipate energy as they move, through a
variety of internal mechanisms that are normally grouped together and known as damping.
Without damping, a structure, once set in motion, would continue to vibrate indefinitely.
There are many different mechanisms of damping in structures. However, analysis methods
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are based on the assumption of linear viscous damping, in which a viscous dashpot gener-
ates a retarding force proportional to the velocity difference across it. The damping coef-
ficient (c) is the constant of proportionality between force and velocity, measured in Ns/m.
Whereas it should be possible to calculate values of 7 and k with some confidence, ¢ is a
rather nebulous quantity, which is difficult to estimate. It is far more convenient to convert
it to a dimensionless parameter &, called the damping ratio:

c

&= N (3.1)

& can be estimated based on experience of similar structures. In civil engineering, it gener-
ally takes a value in the range 0.01 to 0.1, and an assumed value of 0.05 is widely used in
earthquake engineering.

In reality, all structures have distributed mass, stiffness and damping. However, in most
cases, it is possible to obtain reasonably accurate estimates of the dynamic behaviour using
lumped parameter models, in which the structure is modelled as a number of discrete masses
connected by light spring elements representing the structural stiffness and dashpots repre-
senting damping.

Each possible displacement of the structure is known as a degree of freedom. Obviously
a real structure with distributed mass and stiffness has an infinite number of degrees of
freedom, but in lumped-parameter idealisations, we are concerned only with the possible
displacements of the lumped masses. For a complex structure, the finite element method
may be used to create a model with many degrees of freedom, giving a very accurate repre-
sentation of the mass and stiffness distributions. However, the damping is still represented
by the approximate global parameter &.

3.2.2 Equation of motion of a linear SDOF system

An SDOF system is one whose deformation can be completely defined by a single displace-
ment. Obviously most real structures have many degrees of freedom, but a surprisingly large
number can be modelled approximately as SDOF systems.

Figure 3.1 shows a SDOF system subjected to a time-varying external force F(¢), which
causes a displacement x. The movement of the mass generates restoring forces in the spring
and damper as shown in the free body diagram in Figure 3.1.

By Newton’s second law, resultant force = mass X acceleration:

Ft)—kx—cx =mX or mx+cx+kx=F() (3.2)

where each dot represents one differentiation with respect to time, so that x is the veloc-
ity and X is the acceleration. This is known as the equation of motion of the system. An
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Figure 3.1 Dynamic forces on a mass-spring-damper system.
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Figure 3.2 Mass-spring-damper system subjected to base motion.

alternative way of coming to the same result is to treat the term m% as an additional internal
force, the inertia force, acting on the mass in the opposite direction to the acceleration. The
equation of motion is then an expression of dynamic equilibrium between the internal and
external forces:

Inertia force + damping force + stiffness force = external force

In an earthquake, there is no force applied directly to the structure. Instead, the ground
beneath it is subjected to a (predominantly horizontal) time-varying motion as shown in
Figure 3.2.

In the absence of any external forces, Newton’s second law now gives

—k(x —xg)—clx —X,) =mX or mX+c(x—x,)+k(x—2x,)=0 (3.3)

Note that the stiffness and damping forces are proportional to the relative motion between
the mass and the ground, while the inertia force is proportional to the absolute acceleration
experienced by the mass. Let the relative displacement between the mass and the ground
be y = x — x,, with similar expressions for velocity and acceleration. The equation of motion
can then be written as

my +cy + ky = —mx, (3.4)

So a seismic ground motion results in a similar equation of motion to an applied force,
but in terms of motion relative to the ground and with the forcing function proportional to
the ground acceleration.

Before looking at solutions to this equation, we will look at the free vibration case (i.e. no
external excitation). This will provide us with the essential building blocks for solution of
the case when the right hand side of Equation 3.2 or 3.4 is non-zero.

3.2.3 Free vibrations of SDOF systems

Consider first the theoretical case of a simple mass-spring system with no damping and no
external force. The equation of motion is simply

mi+kx=0 (3.5)
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If the mass is set in motion by giving it a small initial displacement x, from its equilibrium
position, then it undergoes free vibrations at a rate known as the natural frequency. The
solution to Equation 3.5 is

x(t) = xocosw,t where ®, = k (3.6)
m

where ®, is called the circular natural frequency (measured in rad/s). It can be thought of
as the angular speed of an equivalent circular motion, such that one complete revolution
of the equivalent motion takes the same time as one complete vibration cycle. More easily
visualized parameters are the natural frequency f, (measured in cycles per second, or Hz)
and the natural period T, (the time taken for one complete cycle, measured in s). These are
related to @, by

o, _ 1 [k (3.7)

271?=E m

1 m
Tn _fn_zn\/; (3.8)

Next consider the vibration of an SDOF system with damping included but still with no
external force, again set in motion by applying an initial displacement x,. The equation of
motion is

fi=

mx+cx+kx=0 (3.9)

The behaviour of this system depends on the relative magnitudes of ¢, k and m. If

¢ = 2Jkm , the system is said to be critically damped and will return to its equilibrium posi-
tion without oscillating. In general, ¢ is much smaller than this, giving an underdamped
system. Critical damping is useful mainly as a reference case against which others can be
scaled to give the damping ratio defined earlier in Equation 3.1:

c

= 2k

For an underdamped system, the displacement is given by

x = x0e > cos/1-E? w,t (3.10)

An example is given in Figure 3.3, which shows the response of SDOF systems with natu-
ral period 1 s and different damping ratios, when released from an initial unit displacement.
These damped responses differ from the undamped case in two ways: first the oscillations
are multiplied by an exponential decay term, so that they die away quite quickly; second,
the natural frequency has been altered by the factor \/1-&*. However, for practical values
of damping, this factor is very close to unity. It is therefore acceptable to neglect damping
when calculating natural frequencies.
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Figure 3.3 Effect of damping on free vibrations.

Using the relationships between ®,, &, m, ¢ and k, the Equation 3.4 can conveniently be
written as

J+2Em,y + wpy = —%, (3.11)

3.2.4 Response to a sinusoidal base motion

Suppose first of all that the ground motion varies sinusoidally with time at a circular fre-
quency o, with corresponding period T = 21/m:

Xy = X, sinmt (3.12)

Of course, a real earthquake ground motion is more complex, but this simplification
serves to illustrate the main characteristics of the response.

Equation 3.11 can be solved by standard techniques and the response computed. Figure 3.4
shows the variation of structural acceleration X with time for a structure with a natural
period of 0.5 s and 5% damping, for a variety of frequencies of ground shaking. Three
regimes of structural response can be seen:

a. The ground shaking is at a much slower rate than the structure’s natural oscillations,
so that the behaviour is quasi-static; the structure simply moves with the ground, with
minimal internal deformation and its absolute displacement amplitude is approxi-
mately equal to the ground displacement amplitude.

b. When the ground motion period and natural period are similar, resonance occurs
and there is a large dynamic amplification of the motion. In this region, the stiffness
and inertia forces at any time are approximately equal and opposite, so that the main
resistance to motion is provided by the damping of the system.
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Figure 3.4 Acceleration (in arbitrary units) of a 0.5 s natural period SDOF structure subject to ground shak-
ing at a period of: (a) 2 s, (b) 0.5s, (c) 0.167 s.

c. If the ground motion is much faster than the natural oscillations of the structure, then
the mass undergoes less motion than the ground, with the spring and damper acting as
vibration absorbers.

The effect of the loading rate on the response of a SDOF structure is summarised in
Figure 3.5, for different damping levels. Here the peak absolute displacement of the struc-
ture X (normalised by the peak ground displacement X,) is plotted against the ratio of the
natural period T, to the period of the sinusoidal loading T.

The same three response regimes are evident in this figure, with the structural motion equal
to the ground motion at the left-hand end of the graph, then large resonant amplifications at
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Figure 3.5 Displacement amplification curves for an SDOF structure subject to sinusoidal ground shaking.

around T,/T =1, and finally very low displacements when T,/T is large. At pure resonance
(T,/T =1) the ratio X/X, roughly equals 1/(2). The peak displacement at resonance is thus
very sensitive to damping and is infinite for the theoretical case of zero damping. For a more
realistic damping ratio of 0.05, the displacement of the structure is around 10 times the
ground displacement.

This illustrates the key principles of dynamic response, but it is worth noting here that
the dynamic amplifications observed under real earthquake loading are rather lower than
those discussed above, both because an earthquake time history is not a simple sinusoid,
and because it has a finite (usually quite short) duration.

3.3 RESPONSE SPECTRA AND THEIR APPLICATION TO LINEAR
STRUCTURAL SYSTEMS

We now go on to consider the linear response of structures to realistic earthquake time
histories. An earthquake can be measured and represented as the variation of ground
acceleration with time in three orthogonal directions (N-S, E-W and vertical). An exam-
ple, recorded during the 1940 El Centro earthquake in California, is shown in Figure 3.6.
Obviously, the exact nature of an earthquake time history is unknown in advance, will be
different for every earthquake, and indeed will vary over the affected region due to factors
such as local ground conditions, epicentral distance, etc.

3.3.1 Earthquake response

The time-domain response to an earthquake ground motion by can be determined by a variety
of techniques, all of which are quite mathematically complex. For example, in the Duhamel’s
integral approach, the earthquake record is treated as a sequence of short impulses, and the
time-varying responses to each impulse are summed to give the total response.
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Figure 3.6 Accelerogram for 1940 El Centro earthquake (N-S component).

Although the method of evaluation is rather complex, the behaviour under a general
dynamic load can be quite easily understood by comparison with the single-frequency,
sinusoidal load case discussed in Section 3.2.4. In that case, we saw that large dynamic
amplifications occur if the loading period is close to the natural period of the structure.
Irregular dynamic loading can be thought of as having many different components at dif-
ferent periods. Often the structure’s natural period will lie within the band of periods con-
tained in the loading. The structure will tend to pick up and amplify those components close
to its own natural period just as it would with a simple sinusoid. The response will there-
fore be dominated by vibration at or close to the natural period of the structure. However,
because the loading does not have constant amplitude and is likely to have only finite dura-
tion, the amplifications achieved are likely to be much smaller than for the sinusoidal case.
An example is shown in Figure 3.7, where a 0.5 s period structure is subjected to the El
Centro earthquake record plotted in Figure 3.6. The earthquake contains a wide band of
frequency components, but it can be seen that the 0.5 s component undergoes a large ampli-
fication and dominates the response.
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Figure 3.7 Acceleration of 0.5 s period SDOF structure subject to the El Centro (N-S) earthquake record.
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3.3.2 Response spectrum

The response of a wide range of structures to a particular earthquake can be summarised
using a response spectrum. The time-domain response of numerous SDOF systems having
different natural periods is computed, and the maximum absolute displacement (or accelera-
tion, or velocity) achieved is plotted as a function of the SDOF system period. If desired, a
range of curves can be plotted for SDOF systems having different damping ratios.

So the response spectrum shows the peak response of a SDOF structure to a particular
earthquake, as a function of the natural period and damping ratio of the structure. For
example, Figure 3.8 shows the response spectrum for the El Centro (N-S) accelerogram in
Figure 3.6, for SDOF structures with 5% damping.

A key advantage of the response spectrum approach is that earthquakes that look quite
different when represented in the time domain may actually contain similar frequency con-
tents, and so result in broadly similar response spectra. This makes the response spectrum a
useful design tool for dealing with a future earthquake whose precise nature is unknown. To
create a design spectrum, it is normal to compute spectra for several different earthquakes,
then envelope and smooth them, resulting in a single curve, which encapsulates the dynamic
characteristics of a large number of possible earthquake accelerograms.

Figure 3.9 shows the elastic response spectra defined by EC8. EC8 (2004) specifies two
categories of spectra: type 1 for areas of high seismicity (defined as M, > 5.5), and type 2
for areas of moderate seismicity (M, < 5.5). Within each category, spectra are given for five
different soil types: A —rock; B — very dense sand or gravel, or very stiff clay; C — dense sand
or gravel, or stiff clay; D — loose-to-medium cohesionless soil, or soft-to-firm cohesive soil; E —
soil profiles with a surface layer of alluvium of thickness 5 to 20 m. The vertical axis is the
peak, or spectral acceleration of the elastic structure, denoted by S,, normalised by a,, the
design peak ground acceleration on type A ground. The spectra are plotted for an assumed
structural damping ratio of 5%. See EC8 Cl. 3.2.2.2 for mathematical definitions of these
curves and Table 3.1 of EC8 for fuller descriptions of ground types A-E.

As with the harmonic load case, there are three regimes of response. Very stiff, short
period structures simply move with the ground. At intermediate periods, there is dynamic
amplification of the ground motion, though only by a factor of 2.5-3, and at long periods
the structure moves less than the ground beneath it. In the region of the spectra between

0.8 1
0.6

0.4

Spectral acceleration (g)

0.2 1

Period (s)

Figure 3.8 5% damped response spectrum for 1940 El Centro earthquake (N-S component).
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Figure 3.9 EC8 5% damped, elastic spectra, (a) Type I, (b) Type 2.

Ty and T the spectra acceleration is constant with period. The region between T and T,
represents constant velocity and beyond T, is the constant displacement region.

It can be seen that in the high seismicity events (type 1 spectra), the spectral amplifica-
tions tend to occur at longer periods, and over a wider period range, than in the moderate
seismicity events. It is also noticeable that the different soil types give rise to varying levels
of amplification of the bedrock motions, and affect the period range over which amplifica-
tion occurs. The EC8 values for T, have caused some controversy — it has been argued that
the constant velocity region of the spectra should continue to higher periods, which would
result in a more onerous spectral acceleration for long-period (e.g. very tall) structures.

3.3.3 Application of response spectra to elastic SDOF systems

In a response spectrum analysis of a SDOF system, we generally wish to determine the force
to which the structure is subjected, and its maximum displacement. We start by estimating
the natural period T, and damping ratio & The peak (spectral) acceleration S, experienced
by the mass can then be read directly from the response spectrum. Now the maximum
acceleration in a vibrating system occurs when it is at its point of extreme displacement, at



52 Seismic Design of Buildings to Eurocode 8

which instant the velocity (and therefore the damping force) is zero. The peak force is then
just equal to the inertia force experienced by the mass:

F=mS, (3.13)

This must be in dynamic equilibrium with the stiffness force developed within the struc-
ture. If we define the spectral displacement S, as the peak absolute displacement corre-
sponding to the spectral acceleration S, then we must have kSp = mS, which, using the
relationships between mass, stiffness and natural period given in Equation 3.8, leads to

T; _S.T;

R 3.14
“4n*m  4n? (3.14)

SD:

gzmS

Note that, while the force experienced depends on the mass, the spectral acceleration and
displacement do not — they are functions only of the natural period and damping ratio.

It should be remembered that the spectral acceleration is absolute (i.e. it is the acceleration
of the mass relative to the ground plus the ground acceleration, hence proportional to the
inertia force experienced by the mass), but the spectral displacement is the displacement of
the mass relative to the ground (and hence proportional to the spring force).

While elastic spectra are useful tools for design and assessment, they do not account for
the inelasticity which will occur during severe earthquakes. In practice, energy absorption
and plastic redistribution can be used to reduce the design forces significantly. This is dealt
with in EC8 by the modification of the elastic spectra to give design spectra S, as described
in Section 3.4.2.

3.3.4 Analysis of linear MDOF systems

Not all structures can be realistically modelled as SDOF systems. Structures with distrib-
uted mass and stiffness may undergo significant deformations in several modes of vibration
and therefore need to be analysed as multi-degree-of-freedom (MDOF) systems. These are
not generally amenable to hand solution and so computer methods are widely used - see, for
example, Hitchings (1992) or Petyt (1998) for details.

For a system with N degrees of freedom, it is possible to write a set of equations of motion
in matrix form, exactly analogous to Equation 3.4:

my + cy + ky = mux, (3.15)

where m, ¢ and k are the mass, damping and stiffness matrices (dimensions N x N), y is the
relative displacement vector and t is an N X 1 influence vector containing ones correspond-
ing to the DOFs in the direction of the earthquake load, and zeroes elsewhere. k is derived
in the same way as for a static analysis and is a banded matrix.

m is most simply derived by dividing the mass of each element between its nodes. This
results in a lumped mass matrix, which contains only diagonal terms. To get a sufficiently
detailed description of how the mass is distributed, it may be necessary to divide the struc-
ture into smaller elements than would be required for a static analysis. Alternatively, many
finite element programs give the option of using a consistent mass matrix, which allows a
more accurate representation of the mass distribution without the need for substantial mesh
refinement. A consistent mass matrix includes off-diagonal terms.
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In practice, c is very difficult to define accurately and is not usually formulated explicitly.
Instead, damping is incorporated in a simplified form. We shall see how this is done later.

3.3.5 Free vibration analysis

As with SDOF systems, before attempting to solve Equation 3.15, it is helpful to consider
the free vibration problem. Because it has little effect on free vibrations, we also omit the
damping term, leaving

my +ky =0 (3.16)
The solution to this equation has the form
y = Osin ot (3.17)

where ¢ is the mode shape, which is a function solely of position within the structure.
Differentiating and substituting into Equation 3.16 gives

(k—*m)p =0 (3.18)

This can be solved to give N circular natural frequencies ;, ®, ... ®; ... ®y, each associated
with a mode shape ¢,. Thus an N-DOF system is able to vibrate in N different modes, each hav-
ing a distinct deformed shape and each occurring at a particular natural frequency (or period).
The modes of vibration are system properties, independent of the external loading. Figure 3.10
shows the sway modes of vibration of a four-storey shear-type building (i.e. one with relatively
stiff floors, so that lateral deformations are dominated by shearing deformation between floors),
with the modes numbered in order of ascending natural frequency (or descending period).

Often approximate formulae are used for estimating the fundamental natural period of
multi-storey buildings. EC8 recommends the following formulae. For multi-storey frame
buildings:

T, = C,H"” (3.19)

where T, is measured in seconds, the building height H is measured in metres and the con-
stant C, equals 0.085 for steel moment-resisting frames (MRFs), 0.075 for concrete MRFs

Mode 1 Mode 2

Figure 3.10 Mode shapes of a four-storey building.
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or steel eccentrically braced frames, and 0.05 for other types of frame. For shear-wall type
buildings:

c _ 0075 5.20)
t .
JA.

where A, is the total effective area of shear walls in the bottom storey, in 7:2.

3.3.6 Multi-modal response spectrum analysis

Having determined the natural frequencies and mode shapes of our system, we can go on
to analyse the response to an applied load. Equation 3.15 is a set of N coupled equations
in terms of the N degrees of freedom. This can be most easily solved using the principle of
modal superposition, which states that any set of displacements can be expressed as a linear
combination of the mode shapes:

y = Y101 + Y20, + Y33 + -+ Yadn =2Yi¢i (3.21)

The coefficients Y; are known as the generalized or modal displacements. The modal
displacements are functions only of time, while the mode shapes are functions only of posi-
tion. Equation 3.21 allows us to transform the equations of motion into a set of equations in
terms of the modal displacements rather than the original degrees of freedom:

MY +CY +KY = ¢ mi ¥, (3.22)

where Y is the vector of modal displacements, and M, C and K are the modal mass, stiffness
and damping matrices. Because of the orthogonality properties of the modes, it turns out
that M, C and K are all diagonal matrices, so that the N equations in (3.22) are uncoupled,
that is, each mode acts as a SDOF system and is independent of the responses in all other
modes. Each line of Equation 3.22 has the form:

MY, +CY, + K}, = L%, (3.23)

or, by analogy with Equation 3.11 for an SDOF system:

Y, +28w;Y; + 0?Y = AL/I %q (3.24)
where
L= z m;0; (3.25)
j

M; = mio} (3.26)
i
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Here the subscript i refers to the mode shape and j to the degrees of freedom in the structure.
So ¢, is the value of mode shape i at DOF j. L, is an earthquake excitation factor, repre-
senting the extent to which the earthquake tends to excite response in mode i. M; is called
the modal mass. The dimensionless factor L,/M,; is the ratio of the response of an MDOF
structure in a particular mode to that of an SDOF system with the same mass and period.

Note that Equation 3.24 allows us to define the damping in each mode simply by specify-
ing a damping ratio &, without having to define the original damping matrix c.

While Equation 3.24 could be solved explicitly to give Y, as a function of time for each
mode, it is more normal to use the response spectrum approach. For each mode, we can read
off the spectral acceleration S,; corresponding to that mode’s natural period and damping —
this is the peak response of an SDOF system with period T; to the ground acceleration X,.
For our MDOF system, the way we have broken it down into separate modes has resulted
in the ground acceleration being scaled by the factor L,/M,. Since the system is linear, the
structural response will be scaled by the same amount. So the acceleration amplitude in
mode i is (L/M,). S,; and the maximum acceleration of DOF j in mode i is

.. L;
X;(max) = ﬁseiq)i/’ (3.27)

i

Similarly for displacements, by analogy with Equation 3.14:

L T?
y;i(max) = MSA»,-. (3.28)

; 4

To find the horizontal force on mass j in mode i, we simply multiply the acceleration by
the mass:

L.
E,(maX) = ﬁtseiq),‘/‘mf’ (3.29)

i

and the total horizontal force on the structure (usually called the base shear) in mode i is
found by summing all the storey forces to give

L
hy(max) = ﬁsei (3.30)

i

The ratio L?/M; is known as the effective modal mass. It can be thought of as the amount
of mass participating in the structural response in a particular mode. If we sum this quantity
for all modes of vibration, the result is equal to the total mass of the structure.

To obtain the overall response of the structure, in theory we need to apply Equations
3.27 through 3.30 to each mode of vibration and then combine the results. Since there are
as many modes as there are degrees of freedom, this could be an extremely long-winded
process. In practice, however, the scaling factors L;/M; and L?/M; are small for the higher
modes of vibration. It is therefore normally sufficient to consider only a subset of the modes.
EC8 offers a variety of ways of assessing how many modes need to be included in the
response analysis. The normal approach is either to include sufficient modes that the sum
of their effective modal masses is at least 90% of the total structural mass, or to include all
modes with an effective modal mass greater than 5% of the total mass. If these conditions
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are difficult to satisfy, a permissible alternative is that the number of modes should be at least
3Vn where # is the number of storeys and should include all modes with periods below 0.2 s.

Another potential problem is the combination of modal responses. Equations 3.27
through 3.30 give only the peak values in each mode, and it is unlikely that these peaks will
all occur at the same point in time. Simple combination rules are used to give an estimate of
the total response. Two methods are permitted by ECS8. If the difference in natural period
between any two modes is at least 10% of the longer period, then the modes can be regarded
as independent. In this case, the simple SRSS method can be used, in which the peak overall
response is taken as the square root of the sum of the squares of the peak modal responses.
If the independence condition is not met, then the SRSS approach may be non-conservative
and a more sophisticated combination rule should be used. The most widely accepted alter-
native is the complete quadratic combination (CQC) method (Wilson et al., 1981), which
is based on calculating a correlation coefficient between two modes. Although it is more
mathematically complex, the additional effort associated with using this more general and
reliable method is likely to be minimal, since it is built into many dynamic analysis computer
programs.

In conclusion, the main steps of the mode superposition procedure can be summarised as
follows:

1. Perform free vibration analysis to find natural periods T; and corresponding mode
shapes ¢,. Estimate damping ratio &.
2. Decide how many modes need to be included in the analysis.
3. For each mode
Compute the modal properties L; and M, from Equations 3.25 and 3.26
Read the spectral acceleration from the design spectrum
Compute the desired response parameters using Equations 3.27 through 3.30
4. Combine modal contributions to give estimates of total response.

3.3.7 Equivalent static analysis of MDOF systems

A logical extension of the process of including only a subset of the vibrational modes in the
response calculation is that, in some cases, it may be possible to approximate the dynamic
behaviour by considering only a single mode. It can be seen from Equation 3.29 that, for
a single mode of vibration, the force at level j is proportional to the product of mass and
mode shape at level j, the other terms being modal parameters that do not vary with posi-
tion. If the structure can reasonably be assumed to be dominated by a single (normally the
fundamental) mode, then a simple static analysis procedure can be used, which involves only
minimal consideration of the dynamic behaviour. For many years, this approach has been
the mainstay of earthquake design codes. In EC8, the procedure is as follows.

Estimate the period of the fundamental mode T, — usually by some simplified approxi-
mate method rather than a detailed dynamic analysis (e.g. Equation 3.19). It is then possible
to check whether equivalent static analysis is permitted — this requires that T, < 4T where
T is the period at the end of the constant-acceleration part of the design response spectrum.
The building must also satisfy the EC8 regularity criteria. If these two conditions are not
met, the multi-modal response spectrum method outlined above must be used.

For the calculated structural period, the spectral acceleration S, can be obtained from the
design response spectrum. The base shear is then calculated as

F, = AmS, (3.31)
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where m is the total mass. This is analogous to Equation 3.30, with the ratio L2/M,
replaced by Am. A takes the value 0.85 for buildings of more than two storeys with
T, < 2T, and is 1.0 otherwise. The total horizontal load is then distributed over the
height of the building in proportion to (mass X mode shape). Normally this is done by
making some simple assumption about the mode shape. For instance, for simple, regular
buildings EC8 permits the assumption that the first mode shape is a straight line (i.e.
displacement is directly proportional to height). This leads to a storey force at level k
given by

LMy,

D zm, (3.32)

j

E, =F,

where z represents storey height. Finally, the member forces and deformations can be calcu-
lated by static analysis.

3.4 PRACTICAL SEISMIC ANALYSIS TO EC8

3.4.1 Ductility and behaviour factor

Designing structures to remain elastic in large earthquakes is likely to be uneconomic in
most cases, as the force demands will be very large. A more economical design can be
achieved by accepting some level of damage short of complete collapse, and making use of
the ductility of the structure to reduce the force demands to acceptable levels.

Ductility is defined as the ability of a structure or member to withstand large deforma-
tions beyond its yield point (often over many cycles) without fracture. In earthquake engi-
neering, ductility is expressed in terms of demand and supply. The ductility demand is the
maximum ductility that the structure experiences during an earthquake, which is a function
of both the structure and the earthquake. The ductility supply is the maximum ductility the
structure can sustain without fracture. This is purely a structural property.

Of course, if one calculates design forces on the basis of a ductile response, it is then
essential to ensure that the structure does indeed fail by a ductile mode well before brittle
failure modes develop, that is, that ductility supply exceeds the maximum likely demand - a
principle known as capacity design. Examples of designing for ductility include

Ensuring plastic hinges form in beams before columns

Providing adequate confinement to concrete using closely spaced steel hoops
Ensuring that steel members fail away from connections

Avoiding large irregularities in structural form

Ensuring flexural strengths are significantly lower than shear strengths

Probably the easiest way of defining ductility is in terms of displacement. Suppose we have
a SDOF system with a clear yield point — the displacement ductility is defined as the maxi-
mum displacement divided by the displacement at first yield.

xmax
"= (3.33)

Xy
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Yielding of a structure also has the effect of limiting the peak force that it must sustain.
In EC8, this force reduction is quantified by the behaviour factor, g

_ ki 3.34
9=y (3.34)

where F,, is the peak force that would be developed in a SDOF system if it responded to the
earthquake elastically, and F, is the yield load of the system.

A well-known empirical observation is that, at long periods (>T), yielding and elastic
structures undergo roughly the same peak displacement. It follows that, for these structures,
the force reduction is simply equal to the ductility (see Figure 3.11). At shorter periods, the
amount of force reduction achieved for a given ductility reduces. EC8 therefore uses the fol-
lowing expressions:

H=q for T >2T¢

3.35
u:1+(q—1)% for T < T¢ ( )

When designing structures taking account of non-linear seismic response, a variety of
analysis options are available. The simplest and most widely used approach is to use the
linear analysis methods set out above, but with the design forces reduced on the basis of a
single, global behaviour factor q. EC8 gives recommended values of g for common struc-
tural forms. This approach is most suitable for regular structures, where inelasticity can be
expected to be reasonably uniformly distributed.

In more complex cases, the g-factor approach can become inaccurate and a more realistic
description of the distribution of inelasticity through the structure may be required. In these
cases, a fully non-linear analysis should be performed, using either the non-linear static
(pushover) approach, or non-linear time-history analysis. Rather than using a single factor,
these methods require representation of the non-linear load—deformation characteristics of
each member within the structure.

Figure 3.11 Equivalence of ductility and behaviour factor with equal elastic and inelastic displacements.
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3.4.2 Ductility-modified response spectra

To make use of ductility requires the structure to respond non-linearly, meaning that the
linear methods introduced above are not appropriate. However, for an SDOF system, an
approximate analysis can be performed in a very similar way to above by using a ductility-
modified response spectrum. In EC8, this is known as the design spectrum, S,. Figure 3.12
shows EC8 design spectra based on the type 1 spectrum and soil type C, for a range of
behaviour factors. Over most of the period range (for T = T}), the spectral accelerations
S, (and hence the design forces) are a factor of g times lower than the values S, for the
equivalent elastic system. For a theoretical, infinitely stiff system (zero period), ductility does
not imply any reduction in spectral acceleration, since an infinitely stiff structure will not
undergo any deformation and will simply move with the ground beneath it. Therefore, the
curves all converge to the same spectral acceleration at zero period. A linear interpolation is
used between periods of zero and T'.

When calculating displacements using the design spectrum, it must be noted that the rela-
tionship between peak displacement and acceleration in a ductile system is different from
that derived in Equation 3.14 for an elastic system. The ductile value is given by

E, ) ST
aim " an?

Sp(ductile) = uz = U mS,.

(3.36)

Comparing with Equation 3.14, we see that the ratio between spectral displacement and
acceleration is [ times larger for a ductile system than for an elastic one. Thus, the seismic
analysis of a ductile system can be performed in exactly the same way as for an elastic sys-
tem, but with spectral accelerations taken from the design spectrum rather than the elastic
spectrum, and with the calculated displacements scaled up by the ductility factor .

For long period structures (T > T¢), the result of this approach will be that design forces
are reduced by the factor g compared to an elastic design, and the displacement of the duc-
tile system is the same as for an equivalent elastic system (since g = Wt in this period range).
For Ty < T < T, the same force reduction will be achieved but displacements will be slightly
greater than the elastic case. For very stiff structures (T < T}), the benefits of ductility are
reduced, with smaller force reductions and large displacements compared to the elastic case.

/ \ =1
5 q

/ q=4
-8
. q

Se/ag

Period (s)

Figure 3.12 ECB8 design response spectra (type | spectrum, soil type C).
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Lastly, it should be noted that the use of ductility-modified spectra is reasonable for SDOF
systems, but should be applied with caution to MDOF structures. For elastic systems, we
have seen that an accurate dynamic analysis can be performed by considering the response
of the structure in each of its vibration modes, then combining the modal responses. A
similar approach is widely used for inelastic structures, that is, each mode is treated as an
SDOF system and its ductility-modified response determined as above. The modal responses
are then combined by a method such as SRSS. While this approach forms the basis of much
practical design, it is important to realize that it has no theoretical justification. For linear
systems, the method is based on the fact that any deformation can be treated as a linear
combination of the mode shapes. Once the structure yields its properties change and these
mode shapes no longer apply.

When yielding is evenly spread throughout the structure, the deformed shape of the plas-
tic structure is likely to be similar to the elastic one, and the ductility-modified response
spectrum analysis may give reasonable (though by no means precise) results. If, however,
yielding is concentrated in certain parts of the structure, such as an soft storey, then this
procedure is likely to be substantially in error and one of the non-linear analysis methods

described below should be used.

3.4.3 Non-linear static analysis

In recent years, there has been a substantial growth of interest in the use of non-linear static,
or pushover analysis (Lawson et al. 1994; Krawinkler and Seneviratna, 1998; Fajfar, 2002)
as an alternative to the ductility-modified spectrum approach. In this approach, appropriate
lateral load patterns are applied to a numerical model of the structure and their amplitude is
increased in a stepwise fashion. A non-linear static analysis is performed at each step, until
the building forms a collapse mechanism. A pushover curve (base shear against top displace-
ment) can then be plotted. This is often referred to as the capacity curve since it describes the
deformation capacity of the structure. To determine the demands imposed on the structure
by the earthquake, it is necessary to equate this to the demand curve (i.e. the earthquake
response spectrum) to obtain peak displacement under the design earthquake — termed the
target displacement. The non-linear static analysis is then revisited to determine member
forces and deformations at this point.

This method is considered a step forward from the use of linear analysis and ductility-
modified response spectra, because it is based on a more accurate estimate of the distributed
yielding within a structure, rather than an assumed, uniform ductility. The generation of
the pushover curve also provides the engineer with a good feel for the non-linear behaviour
of the structure under lateral load. However, it is important to remember that pushover
methods have no rigorous theoretical basis, and may be inaccurate if the assumed load
distribution is incorrect. For example, the use of a load pattern based on the fundamental
mode shape may be inaccurate if higher modes are significant, and the use of a fixed load
pattern may be unrealistic if yielding is not uniformly distributed, so that the stiffness pro-
file changes as the structure yields.

The main differences between the various pushover analysis procedures that have been
proposed are (i) the choices of load patterns to be applied and (ii) the method of simplifying
the pushover curve for design use. The EC8 method is summarised below.

First, two pushover analyses are performed, using two different lateral load distributions.
The most unfavourable results from these two force patterns should be adopted for design
purposes. In the first, the acceleration distribution is assumed proportional to the funda-
mental mode shape. The inertia force F, on mass k is then
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o= 0% p (3.37)

z ;9
i

where F, is the base shear (which is increased steadily from zero until failure), 11, the kth sto-
rey mass and ¢, the mode shape coefficient for the kth floor. If the fundamental mode shape
is assumed to be linear, then ¢, is proportional to storey height z, and Equation 3.36 then
becomes identical to Equation 3.32, presented earlier for equivalent static analysis. In the sec-
ond case, the acceleration is assumed constant with height. The inertia forces are then given by

Fo=* F (3.38)

Zmi

i

The output from each analysis can be summarised by the variation of base shear F, with
top displacement d, with maximum displacement d,,. This can be transformed to an equiva-
lent SDOF characteristic (F* vs d*) using

b g4 (3.39)
r r
where
Z ;9
r-&—— (3.40)
Z m;g;
i

The SDOF pushover curve is likely to be piecewise linear due to the formation of suc-
cessive plastic hinges as the lateral load intensity is increased, until a collapse mechanism
forms. For determination of the seismic demand from a response spectrum, it is necessary
to simplify this to an equivalent elastic-perfectly plastic curve as shown in Figure 3.13. The
yield load F, is taken as the load required to cause formation of a collapse mechanism, and
the yield displacement d, is chosen so as to give equal areas under the actual and idealised
curves. The initial elastic period of this idealised system is then estimated as

(3.41)

The target displacement of the SDOF system under the design earthquake is then calcu-
lated from

+\2
J:&UJ T =T

27

V1 T (3.42)
d:=&[2n]qup+ah—njﬁ} T < T

where g, = (S,/(E,/m’)) and m" = Z/_ym;0;.
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Figure 3.13 ldealisation of pushover curve in EC8.

Equation 3.41 is illustrated schematically in Figure 3.14, in which the design response
spectrum has been plotted in acceleration versus displacement format rather than the more
normal acceleration versus period. This enables both the spectrum (i.e. the demand curve)
and the capacity curve to be plotted on the same axes, with a constant period represented
by a radial line from the origin. For T" > T, the target displacement is based on the equal
displacement rule for elastic and inelastic systems. For shorter period structures, a correc-
tion is applied to account for the more complex interaction between behaviour factor and
ductility (see Equation 3.35).

Having found the target displacement for the idealised SDOF system, this can be trans-
formed back to that of the original MDOF system using Equation 3.38, and the forces and
deformations in the structure can be checked by considering the point in the pushover analy-
sis corresponding to this displacement value.

The EC8 procedure is simple and unambiguous, but can be rather conservative. Some
other guidelines (mainly ones aimed at assessing existing structures rather than new con-
struction) recommend rather more complex procedures, which may give more accurate
results. For example, ASCE 41-13 (2014) allows the use of adaptive load patterns, which
take account of load redistribution due to yielding, and simplifies the pushover curve to
bilinear with a positive post-yield stiffness.

3.4.4 Non-linear time-history analysis

A final alternative, which remains comparatively rare, is the use of full non-linear dynamic
analysis. In this approach, a non-linear model of the structure is analysed under a ground
acceleration time history whose frequency content matches the design spectrum. The time
history is specified as a series of data points at time intervals of the order of 0.01 s, and the
analysis is performed using a stepwise procedure usually referred to as direct integration.
This is a highly specialised topic, which will not be covered in detail here — see Clough and
Penzien (1993) or Petyt (1998) for a presentation of several popular time integration meth-
ods and a discussion of their relative merits.

Since the design spectrum has been defined by enveloping and smoothing spectra correspond-
ing to different earthquake time histories, it follows that there are many (in fact, an infinite
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Figure 3.14 Determination of target displacement in pushover analysis for (a) long-period structure,
(b) short-period structure.

number of) time histories that are compatible with the spectrum. These may be either recorded
or artificially generated — specialised programs exist, such as SIMQKE, for generating suites of
spectrum-compatible accelerograms. Different spectrum-compatible time histories may give rise
to quite different structural responses, and so it is necessary to perform several analyses to be
sure of achieving representative results. EC8 specifies that a minimum of three analyses under
different accelerograms must be performed. If at least seven different analyses are performed,
then mean results may be used, otherwise the most onerous result should be used.

Beyond being compatible with the design spectrum, it is important that earthquake time
histories should be chosen whose time-domain characteristics (e.g. duration, number of
cycles of strong motion) are appropriate to the regional seismicity and local ground condi-
tions. Some guidance is given in Chapter 2, but this is a complex topic for which specialist
seismological input is often needed.

3.5 CONCLUDING SUMMARY

A seismic analysis must take adequate account of dynamic amplification of earthquake
ground motions due to resonance. The normal way of doing this is by using a response
spectrum.
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The analysis of the effects of an earthquake (or any other dynamic load case) has two stages:

1. Estimation of the dynamic properties of the structure — natural period(s), mode shape(s),
damping ratio — these are structural properties, independent of the loading. The periods
and mode shapes may be estimated analytically or using empirical formulae.

2. A response calculation for the particular load case under consideration. This calcula-
tion makes use of the dynamic properties calculated in (a), which influence the load the
structure sustains under earthquake excitation.

Methods based on linear analysis (either multi-modal response analysis or equivalent static
analysis based on a single mode of vibration) are widely used. In these cases, non-linearity
is normally dealt with by using a ductility-modified response spectrum.

Alternative methods of dealing with non-linear behaviour (particularly static pushover
methods) are growing in popularity and are permitted in ECS.

3.6 DESIGN EXAMPLE

3.6.1 Introduction

An example building structure has been chosen to illustrate the use of EC8 in practical
building design. It is used to show the derivation of design seismic forces in the remaining
part of this chapter, and the same building is used in subsequent chapters to illustrate checks
for regularity, foundation design and alternative designs in steel and concrete. It is impor-
tant to note that the illustrative examples presented herein and in subsequent chapters do
not attempt to present complete design exercises. The main purpose is to illustrate the main
calculations and design checks associated with seismic design to EC8 and to discussions of
related approaches and procedures.

The example building represents a hotel, with a single-storey podium housing the public
spaces of the hotel, surmounted by a seven-storey tower block, comprising a central corridor
with bedrooms to either side. Figure 3.15 provides a schematic plan and section of the build-
ing, while Figure 3.16 gives an isometric view.

The building is later shown to be regular in plan and elevation (see Section 4.9). EC8
then allows the use of a planar structural model and the equivalent static analysis approach.
There is no need to reduce g factors to account for irregularity. The calculation of seismic
loads for equivalent static analysis can be broken down into the following tasks:

1. Estimate self-weight and seismic mass of building

2. Calculate seismic base shear in x-direction

3. Calculate distribution of lateral loads and seismic moment

4. Consider how frame type and spacing influence member forces

3.6.2 Weight and mass calculation
3.6.2.1 Dead load

For this preliminary load estimate, neglect weight of frame elements (resulting in same
weight/mass for steel and concrete frame structures). Assume

¢ 150 mm concrete floor slabs throughout: 0.15 x 24 = 3.6 kN/m?

e QOuter walls — brick/block cavity wall, each 100 mm thick, 12 mm plaster on inside face:
® Brick: 0.1x18=1.8
e Block:0.1x12=1.2
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Figure 3.15 Schematic plan and section of example building.

Figure 3.16 Isometric view of example building.
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Table 3.1 Dead load calculation

Level Calculation Load (kN)  Total (kN)
8 Slab (56 x20) x 3.6 4,032

Finishes (56x20)x 1.0 1,120 5,152
2-7  Slab (56 x20)x 3.6 4,032

Finishes (56x20)x 1.0 1,120

Outer walls (2 x (56 +20) x 3.5) x 3.25 1,729

Internal walls (gl 2-14) (26 x8.5x3.5) x 1.7 1,315

Internal walls (gl C,D)  (2x56x35)x 1.7 666 8,862
| Tower section (gl B-E)  As levels 2—-7 8,862

Slab (gl A-B, E-F) (56 x20) x 3.6 4,032

Finishes (gl A-B, E-F) (56 x20)x 1.0 1,120

External glazing (2x (56 +40) x 4.3) x 0.4 330 14,344
Total dead load, G 72,668

e Plaster: 0.012x21=0.25
e Total =3.25 kN/m?
e Internal walls — single leaf 100 mm blockwork, plastered both sides:
* Block:0.1x12=1.2
* Plaster: 0.024 x21=0.5
e Total =1.7 kN/m?
® Ground floor perimeter glazing: 0.4 kN/m?
¢ Floor finishes etc.: 1.0 kN/m?

The dead load calculations are set out in Table 3.1.

3.6.2.2 Imposed load

Imposed load calculations are set out in Table 3.2, assuming design values of 2.0 kN/m? for
the bedrooms and roof, and 4.2 kN/m? elsewhere.

3.6.2.3 Seismic mass

Clause 3.2.4 states that the masses to be used in a seismic analysis should be those associ-
ated with the load combination:

G+ vy, 0

Table 3.2 Imposed load calculation

Level Calculation Load (kN)  Total (kN)
8 Roof (56 x20) x 2.0 2,240 2,240
2-7  Corridors etc.  ((56 x 3) + (8.5 x 4) + (8.5 x 8)) x 4.0 1,080

Bedrooms ((56 x 20)-270) x 2.0 1,700 2,780
I Tower area As levels 2-7 2,780

Roof terrace (56 x 20) x 4.0 4,480 7,260

Total imposed load, Q 26,180
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Table 3.3 Seismic mass calculation

Level G (kN) Q(kN) G+wy;Q (kN) Mass (tonne)

8 5,152 2,240 5,824 593.7

2-7 8,862 2,780 9,696 988.4

| 14,344 7,260 16,522 1,684.2
Total seismic mass 8,208

Take y; ; to be 0.3.

The seismic mass calculations are set out in Table 3.3.
The corresponding building weight is 8,208 x 9.81 = 80,522 kN.

3.6.3 Seismic base shear

First, define design response spectrum. Use Type 1 spectrum (for areas of high seismicity)
soil type C. Spectral parameters are (from EC8 Table 3.2)

§S=1.15, Tz =0.2s, Tc =0.65,T, =2.0s

The reference peak ground acceleration is a,; = 3.0 m/s?. The importance factor for the
building is ;= 1.0, so the design ground acceleration a,="7; a,z = 3.0 m/s?. The resulting
design spectrum is shown in Figure 3.17 for g =1 and g =4, and design spectral accelera-
tions can also be obtained from the equations in Cl. 3.2.2.5 of ECS.

The framing type has not yet been considered, so we will calculate base shear for three

possible options:

¢ Steel moment-resisting frame (MRF)

e Concrete MRF

¢ Dual system (concrete core with either concrete or steel frame)

The procedure follows EC8 Cl. 4.3.3.2.2.

10

S, (m/s?)

Figure 3.17 Design spectrum.

Period (s)
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3.6.3.1 Steel MRF

Estimate natural period, EC8 Equation 4.6
T,=C, HOS
For steel MRF C,=0.085, hence
T, =0.085%x28.807=1.06 s
T.<T,<Tpso EC8 Equation 3.15 applies

2.5 T¢

Sa=a,S———
d g q T]

EC8 Table 6.2: Assuming ductility class medium (DCM), g = 4. Therefore

S, = 3.0><1.15x£%= 1.22 m/s?
4 1.06

ECS8 Equation 4.5

Fb = Xde
In this case T, < 2T so A = 0.85. Therefore

F,=0.85x8,208 x1.22 =8,515 kN

Net horizontal force is 100 x 8,515/80,522 = 10.6% of total building weight.

3.6.3.2 Concrete MRF

Estimate natural period, EC8 Equation 4.6
T,=C,HO7
For concrete MRF C,=0.075, hence

T,=0.075%x28.807=0.93 s
T.< T, <Tpso EC8 Equation 3.15 applies

Sd =dg EE
qg T

EC8 Table 5.1: Assuming DCM, g = 3.0a., /0, where a,, is the load factor to cause over-
all instability due to plastic hinge formation, and o, is the load factor at first yield in the
structure.

Where these values have not been determined explicitly, for regular buildings, EC CI.
5.2.2.2 allows default values of the ratio o, /0, to be assumed. For our multi-storey, multi-
bay frame, o, /o,y = 1.3, hence g =3 x1.3=3.9.
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Therefore

S, = 3.0x1.15x£% =1.43m/s*
3.90.93

EC8 Equation 4.5
Fh = 7\,de
In this case, T; <2 T so A =0.85. Therefore

F,=0.85x8,028 x 1.43 =9,954 kN

Net horizontal force is 100 x 9,954/80,522 = 12.4% of total building weight.

3.6.3.3 Dual system (concrete core with either concrete or steel frame)

Estimate natural period, EC8 Equation 4.6
T,=C,H7
For structures other than MRFs, EC8 gives C,=0.05, hence
T,=0.05x28.807=0.62 s

(For buildings with shear walls, EC8 Equation 4.7 gives a permissible alternative method
of evaluating C, based on the area of shear walls in the lowest storey. This is likely to give
a slightly shorter period than that calculated above. However, as the calculated value is
very close to the constant-acceleration part of the response spectrum (T = 0.6 s), the lower
period would result in very little increase in the spectral acceleration or the design base
shear. This method has therefore not been pursued here.)

T.<T,<Tpso EC8 Equation 3.15 applies

25T,
qg T,

Sd—dg

For dual systems, DCM, EC8 Table 5.1 gives g = 3.00,/a;; and EC Cl. 5.2.2.2 gives a default
value of the ratio a,/0, = 1.2 for a wall-equivalent dual system. Hence g =3 x 1.2 = 3.6.
Therefore

Sa = 3.0x1.15x£% =2.32 m/s*
3.6 0.62

EC8 Equation 4.5
Fb = Xde
In this case, T; <2 T so A =0.85. Therefore

F,=0.85x8,208 x2.32=16,176 kN

Net horizontal force is 100 x 16,176/80,522 = 20.1% of total building weight.
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3.6.4 Load distribution and moment calculation

The way the base shear is distributed over the height of the building is a function of the
fundamental mode shape. For a regular building, EC8 Cl. 4.3.3.2.3 permits the assumption
that the deflected shape is linear. With this assumption, the inertia force generated at a given
storey is proportional to the product of the storey mass and its height from the base.

Since the assumed load distribution is independent of the form of framing chosen, and of
the value of the base shear, we will calculate a single load distribution based on a base shear
of 1,000 kN as shown in Table 3.4. This can then simply be scaled by the appropriate base
shear value from Section 3.6.3.1, 3.6.3.2 or 3.6.3.3, as appropriate.

EC8 Equation 4.11 gives the force on storey k& to be

RIUL

Som

i

E =F

The ratio of the total base moment to the base shear gives the effective height of the resul-
tant lateral force:

19,265
1,000

hey = =19.3 m above the base, and h,;/h=19.3/28.8=0.67.

3.6.5 Framing options

Although not strictly part of the loading and analysis task, it is helpful at this stage to con-
sider the different possible ways of framing the structure.

3.6.5.1 Regularity and symmetry

The general structural form has already been shown to meet the EC8 regularity require-
ments in plan and elevation. A regular framing solution needs to be adopted to ensure that
there is no large torsional eccentricity. Large reductions in section size with height should be
avoided. If these requirements are satisfied, the total seismic loads calculated above can be
assumed to be evenly divided between the transverse frames.

Table 3.4 Lateral load distribution using linear mode shape approximation

Levelk  Height z, (m) Massm, (t) z,m,(mt) Force F, (kN) Moment=Fz, (kNm)

8 288 593.7 17,098 139.6 4,020
7 253 988.4 25,006 204.1 5,165
6 21.8 988.4 21,547 175.9 3,835
5 18.3 988.4 18,087 147.7 2,702
4 14.8 988.4 14,628 1194 1,767
3 1.3 988.4 11,169 91.2 1,030
2 7.8 988.4 7,709 62.9 491
| 4.3 1,684.2 7,242 59.2 254

Totals - 8,208 122,486 1,000.0 19,265
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3.6.5.2 Steel or concrete

Either material is suitable for a structure such as this, and the choice is likely to be made
based on considerations other than seismic performance. The loads calculated above are
based on a seismic mass, which has neglected the mass of the main frame elements. These
will tend to be more significant for a concrete structure, which may therefore sustain some-
what higher loads than the initial estimates calculated here.

3.6.5.3 Frame type — moment-resisting, dual frame/shear wall system
or braced frame

In the preceding calculations, both frame and dual frame/shear wall systems have been con-
sidered. In practice, it is likely to be advantageous to make use of the shear wall action of
the service cores to provide additional lateral resistance. It can be seen that this reduces the
natural period of the structure, shifting it closer to the peak of the response spectrum and
thus increasing the seismic loads. However, the benefit in terms of the additional resistance
would outweigh this disadvantage.

In general, MRFs provide the most economic solution for low-rise buildings, but for taller
structures, they tend to sustain unacceptably large deflections and some form of bracing or
shear wall action is then required. The height of this structure is intermediate in this respect,
so that a variety of solutions are worth considering.

The load distributions for each of the frame types considered can be obtained by scaling
the results from Section 3.6.4 by the base shears from Section 3.6.3 (Table 3.5).

Clearly the dual structure gives rise to significantly larger forces (because its lower period
puts it closer to the peak of the response spectrum). However, it also provides a more effi-
cient lateral load-resisting system, so it will not necessarily be uneconomic.

Steel braced frames have not been considered explicitly here. They would give rise to simi-
lar design forces to the dual system, since EC8 recommends the use of the same C, value in
the period calculation, and allows use of a slightly higher g factor (4 instead of 3.6).

3.6.5.4 Frame spacing

In the short plan (x) dimension, it is likely that columns would be provided at each of
gridlines B, C, D and E, ensuring regularity and symmetry, and limiting beam spans to

Table 3.5 Total lateral forces for different frame types
Total lateral forces (kN)

Level Steel MRF  Concrete MRF  Dual system
8 1,189 1,390 2,258
7 1,738 2,032 3,302
6 1,498 1,751 2,845
5 1,258 1,470 2,389
4 1,017 1,189 1,931
3 777 908 1,475
2 536 626 1,017
| 504 589 958
Base shear (kN) 8,515 9,954 16,176

Base moment (MN m) 164.0 191.8 311.6
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reasonable levels. For vertical continuity, the framing of the tower should be continued
down to ground level. It may then be desirable to pin the first floor roof terrace beams to the
tower structure, so as to prevent them from picking up too much load.

In the long plan (y) dimension, the choice is between providing a frame at every gridline
(i.e. at 4 m spacing) or at alternate gridlines (8 m spacing). With 8 m spacing, the seismic
loads to be carried by a typical internal frame are simply those given above scaled by 8/56.
With a 4 m spacing, these values would be halved.

3.6.5.5 Ductility class and its influence on q factor

All calculations so far have assumed DCM. If instead the structure is designed with high
ductility (DCH), then higher g-factors may be used, further reducing the seismic loads.
Since in all cases we are on the long-period part of the response spectrum, the spectral accel-
eration, and hence all seismic loads, are simply divided by g.

The design and detailing requirements to meet the specified ductility classes will be dis-
cussed in depth in the concrete design and steel design chapters. At this stage, it is worth
noting that the EC8 DCH requirements for concrete are rather onerous and are unlikely to
be achieved with the construction skills available. For steel, designing for DCH is likely to
be more feasible.

Consider the effect of designing to DCH for the three frame types (refer to Tables 5.1 and
6.2 of EC8, and associated text).

For the steel MRF, EC8 Table 6.2 specifies that for DCH q = 50.,/0;. A default value of
o, /o of 1.3 may be assumed, or a value of up to 1.6 may be used if justified by a static push-
over analysis. Thus g may be taken as up to 6.5 by default, or up to 8.0 based on analysis.
If we use a value of 6.5 (compared to 4.0 for DCM), then all seismic loads calculated above
can be scaled by 4.0/6.5, that is, reduced by 38%.

For the concrete MRF, EC8 Table 5.1 specifies that for DCH g =4.5a, /0. A default
value of o,/0; of 1.3 may be assumed, or a value of up to 1.5 may be used if justified by a
static pushover analysis. Thus g may be taken as up to 5.85 by default, or up to 6.75 based
on analysis. If we use a value of 5.85 (compared to 3.9 for DCM) then the seismic loads
calculated above can be scaled by 3.9/5.835, that is, reduced by 33%. A similar proportional
reduction in loads can be achieved for the dual system.

If a steel concentrically braced frame were used, EC8 Table 6.2 specifies a maximum g
value of 4.0 for both DCM and DCH, so changing to DCH would offer no benefit in terms
of design loads.
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Fundamental decisions taken at the initial stages of planning a building structure usually play
a crucial role in determining how successfully the finished building achieves its performance
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objectives in an earthquake. This chapter describes how EC8 sets out to guide these deci-
sions, with respect to siting considerations, foundation design and choice of superstructure.

4.2 FUNDAMENTAL PRINCIPLES

4.2.1 Introduction

In EC8 Part 1, the fundamental requirements for seismic performance are set out in
Section 2. There are two main requirements. The first is to meet a ‘no collapse’ perfor-
mance level, which requires that the structure retains its full vertical load-bearing capacity
after an earthquake with a recommended return period of 475 years; longer return periods
are given for special structures, for example casualty hospitals or high-risk petrochemical
installations. After this earthquake, there should also be sufficient residual lateral strength
and stiffness to protect life even during strong aftershocks. The second main requirement
is to meet a ‘damage limitation” performance level, which requires that the cost of damage
and associated limitations of use should not be disproportionately high, in comparison with
the total cost of the structure, after an earthquake with a recommended return period (for
normal structures) of 95 years. Note that Section 2 of EC8 (and hence these basic require-
ments) applies to all types of structures, not just buildings.

EC8’s rules for meeting the ‘no collapse’ performance level in buildings are given in Section
4 of Part 1 with respect to analysis procedures and in Sections 5 to 9 of Part 1 with respect
to material-specific procedures to ensure sufficient strength and ductility in the structure.
The rules for meeting the ‘damage limitation’ performance level in buildings are given in
Section 4 of Part 1; they consist of simple restrictions on deflections to limit structural and
non-structural damage, and some additional rules for protecting non-structural elements.

EC8 Part 1 Section 4.2.1 sets out some aspects of seismic design specifically for buildings,
which should be considered at conceptual design stage, and which will assist in meeting the
‘no collapse’ and ‘damage limitation’ requirements. It is not mandatory that they should
be satisfied, and indeed since they are qualitative in nature, it would be hard to enforce
them, but they are sound principles which deserve study. Related, but quantified rules gener-
ally appear elsewhere in EC8; for example, the structural regularity rules in Section 4.2.3
supplement the uniformity and symmetry principles given in Section 4.2.1. Six guiding prin-
ciples are given EC8 Part 1 Section 4.2.1 as follows, and these are now discussed in turn.

Structural simplicity

Uniformity, symmetry and redundancy
Bidirectional resistance and stiffness
Torsional resistance and stiffness

Adequacy of diaphragms at each storey level
Adequate foundations

4.2.2 Structural simplicity

This entails the provision of a clear and direct load path for transmission of seismic forces
from the top of a building to its foundations. The load path must be clearly identified by the
building’s structural designer, who must ensure that all parts of the load path have adequate
strength, stiffness and ductility.

Direct load paths will help to reduce uncertainty in assessing both strength and ductility,
and also dynamic response. Complex load paths, for example involving transfer structures,
tend to give rise to stress concentrations and make the assessment of strength, ductility and
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dynamic response more difficult. Satisfactory structures may still be possible with complex
load paths but they are harder to achieve.

4.2.3 Uniformity, symmetry and redundancy

Numerous studies of earthquake damage have found that buildings with a uniform and
symmetrical distribution of mass, strength and stiffness in plan and elevation generally per-
form much better than buildings lacking these characteristics.

Uniformity in plan improves dynamic performance by suppressing torsional response, as
discussed further in Section 4.5. Irregular or asymmetrical plan shapes such as L or T con-
figurations may be improved by dividing the building with joints to achieve compact, rectan-
gular shapes (Figure 4.1), but this introduces a number of design issues that must be solved;
these are avoiding ‘buffeting’ (impact) across the joint, and detailing the finishes, cladding
and services which cross the joint to accommodate the associated seismic movements.

Uniformity of strength and stiffness in elevation helps avoid the formation of weak or
soft storeys. Non-uniformity in elevation does not always lead to poor performance, how-
ever; for example, seismically isolated buildings are highly non-uniform in elevation but are
found to perform very well in earthquakes.

Redundancy implies that more than one loadpath is available to transmit seismic loads,
so that if a particular loadpath becomes degraded in strength or stiffness during an earth-
quake, another is available to provide a back-up. Redundancy should therefore increase reli-
ability, since the joint probability of two parallel systems both having lower than expected
capacity (or greater than expected demand) should be less than is the case for one system
separately. Redundant systems, however, are inherently less ‘simple’ than determinate ones,
which usually makes their assessment more complex.

4.2.4 Bi-directional resistance and stiffness

Unlike the situation that often applies to wind loads on buildings, seismic loads are gener-
ally similar along both principal horizontal axes of a building. Therefore, similar resistance
in both directions is advisable. Systems such as cross wall construction found in some hotel

Adequately sized expansion joint
to split structure into two compact
symmetrical parts

Figure 4.1 Introduction of joints to achieve uniformity and symmetry in plan.
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buildings, where there are many partition walls along the short direction but fewer in the
long direction, work well for wind loading, which is greatest in the short direction, but tend
to be unsatisfactory for seismic loads.

4.2.5 Torsional resistance and stiffness

Pure torsional excitation in an earthquake may arise in a site across which there are signifi-
cantly varying soils, but significant torsional excitations on buildings are unusual. However,
coupled lateral-torsional excitation, arising from an eccentricity between centres of mass
and stiffness, is common and is found to increase damage in earthquakes. Such response
may be inadequately represented by a linear dynamic analysis, because yielding caused by
lateral-torsional response can reduce the stiffness on one side of a building structure and
further increase the eccentricity between mass and stiffness centres.

Minimising the eccentricity of mass and stiffness is one important goal during scheme
design, and achieving symmetry and uniformity should help to satisfy it. However, some
eccentricity is likely to remain, and may be significant due to a number of effects, which may
be difficult for the structural design to control; they may arise from uneven mass distribu-
tions, uneven stiffness contributions from non-structural elements or non-uniform stiffness
degradation of structural members during a severe earthquake. Therefore, achieving good
torsional strength and stiffness is an important goal. Stiff and resistant elements on the
outside the building, for example in the form of a perimeter frame, will help to achieve this,
while internal elements, such as a central core, contribute much less. Quantified rules are
provided later in Section 4 of EC8 Part 1, as discussed in Section 4.5 of this chapter.

4.2.6 Adequacy of diaphragms at each storey level

Floor diaphragms perform several vital functions. They distribute seismic inertia loads at
each floor level back to the main vertical seismic resisting elements, such as walls or frames.
They act as a horizontal tie, preventing excessive relative deformations between the vertical
elements, and so helping to distribute seismic loads between them. In masonry buildings,
they act to restrain the walls laterally. At transfer levels, for example between a podium and
a tower structure, they may also serve to transfer global seismic forces from one set of ele-
ments to another.

Floor diaphragms which have very elongated plan shapes, or large openings, are likely to
be inefficient at the distribution of seismic loads to the vertical elements. Pre-cast concrete
floors need to have adequate bearing to prevent the loss of bearing and subsequent floor col-
lapse observed in a number of earthquakes. In masonry buildings, it is especially important
to ensure a good connection between floors and the masonry walls they bear onto in order
to provide lateral stability for the walls.

4.2.7 Adequate foundations

EC8 Part 1 Section 4.2.1.6 states that ‘the design and construction of the foundations and
of the connection to the superstructure shall ensure that the whole building is subjected to a
uniform seismic excitation’. To achieve this, it recommends that a rigid cellular foundation
should usually be provided where the superstructure consists of discrete walls of differing
stiffnesses. Where individual piled or pad foundations are employed, they should be con-
nected by a slab or by ground beams, unless they are founded on rock.

The interaction of foundations with the ground, in addition to interaction with the super-
structure, is of course vital to seismic performance. Part 5 of EC8 gives related advice on
conceptual seismic design of foundations, and this is further discussed in Chapters 8 and 9.
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4.3 SITING CONSIDERATIONS

The regional seismic hazard is not the only determinant of how strongly a building may be
shaken. (Regional seismic hazard is defined here as the ground shaking expected on a rock
site as a function of return period.) Within an area of uniform regional hazard, the level of
expected ground shaking is likely to vary strongly, and so is the threat from other hazards
related to seismic hazard, such as land sliding or fault rupture, for reasons described in
the next paragraph. Choice of the exact location of a building structure may not always
be within a designer’s control, but sometime even quite small changes in siting can make a
dramatic difference to the seismic hazard.

The most obvious cause of local variation in hazard arises from the soils overlying bed-
rock, which affect the intensity and period of ground motions. It is not only the soils imme-
diately below the site that affect the hazard; the horizontal profiles of soil and rock can
also be important, due to ‘basin effects’. Soil amplification effects are discussed in Chapters
8 and 9. Topographic amplification of motions may be significant near the crest of steep
slopes. Fault rupture, slope instability, liquefaction, and shakedown settlement are other
hazards associated with seismic activity which may also need to be considered. Figure 4.2
shows just a few examples where a failure to assess these phenomena has impinged on the
performance of structures during a major earthquake.

Section 3 of EC8 Part 1 addresses soil amplification, Annex A of EC8 Part 5 addresses
topographical amplification and Section 4 of EC8 Part 5 addresses the other siting consid-
erations. By ensuring these potential hazards at a site are identified, the designer can take

Figure 4.2 Examples of poorly sited structures. (a) Fault Rupture — Luzon, Philippines 1990. (b) Liquefaction —
Adapazari, Turkey 1999. (c) Slope Instability — Pacific Palisades, Los Angeles, 1994.
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appropriate actions to minimise those hazards. In some cases, choice of a different site may
be the best (or indeed only satisfactory) choice, for example to avoid building on an unstable
slope or crossing a fault assessed as potentially active. If the hazard cannot be avoided,
appropriate design measures must be taken to accommodate or mitigate it. For example,
ground improvement measures may be one option for a site assessed as susceptible to lig-
uefaction, and suitable articulation to accommodate fault movements may be possible for
extended structures such as pipelines and bridges.

4.4 CHOICE OF STRUCTURAL FORM

The most appropriate structural material and form to use in a building is influenced by a
host of different factors, including relative costs, locally available skills, environmental,
durability, architectural considerations and so on. Some very brief notes on the seismic
aspects are given below; further discussion is given in text books such as Booth (2014) and,
for concrete structures, Fardis et al. (2015).

Steel has high strength to mass ratio, a clear advantage over concrete because seismic
forces are generated through inertia. It is also easy to make steel members ductile in both
flexure and shear. Steel moment frames can be highly ductile, although achieving adequate
seismic resistance of connections can be difficult, and deflections may govern the design
rather than strength. Braced steel frames are less ductile, because buckling modes of failure
lack ductility, but braced frames possess good lateral strength and stiffness, which serves
to protect non-structural as well as structural elements. Eccentrically braced frames (EBFs),
where some of the bracing members are arranged so that their ends do not meet concen-
trically on a main member, but are separated to meet eccentrically at a ductile shear link,
possess some of the advantages of both systems. More recently, buckling-restrained braces
(also known as unbonded braces) have found more favour than EBFs in California; these
consist of concentrically braced systems where the braces are restrained laterally but not lon-
gitudinally by concrete filled tubes, which results in a response in compression, which is as
ductile as that in tension (Hamburger and Nazir 2003). Buckling-restrained braces combine
ductility and stiffness in a similar way to EBFs.

Concrete has an unfavourably low strength to mass ratio, and it is easy to produce
beams and columns which are brittle in shear, and columns which are brittle in compres-
sion. However, with proper design and detailing, ductility in flexure can be excellent,
ductility in compression can be greatly improved by provision of adequate confinement
steel and failure in shear can be avoided by ‘capacity design’ measures. Moreover, brittle
buckling modes of failure are much less likely than in steel. Although poorly built con-
crete frames have an appalling record of collapse in earthquakes, well-built frames per-
form well. Concrete shear wall buildings do not typically suffer the ‘pancake’ collapses
of framed buildings, and their inherent lateral stiffness provides good protection for non-
structural elements such as cladding elements. Their performance in earthquakes is found
to be generally good.

‘Seismic isolation’ involves the introduction of low lateral stiffness bearings to detune the
building from the predominant frequencies of an earthquake; it has proved highly effec-
tive in the earthquakes of the past decade. ‘Supplemental damping’ involves the addition
of damping elements to the structure, for example in the form of viscous dampers similar
to the shock absorbers in cars. More recently, pre-stressed ‘rocking systems’, described by
Pampanin (2012), have been built in New Zealand, the United States, Chile and elsewhere;
a hospital with this system performed well in the Christchurch New Zealand earthquake
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of 2011. All these systems are discussed by Christopolous and Filiatrault (2006) but only
seismic isolation is covered by the 2004 edition of EC8 Part 1; future editions are likely to
be more comprehensive.

4.5 EVALUATING REGULARITY IN PLAN AND ELEVATION

4.5.1 General

EC8 Part 1 Section 4.2.3 sets out quantified criteria for assessing structural regularity,
complementing the qualitative advice on symmetry and uniformity given in Section 4.2.1.
Note that irregular configurations are allowed by ECS8, but lead to more onerous design
requirements.

A classification of ‘non-regularity’ in plan requires the use modal analysis, as opposed to
equivalent lateral force analysis, and (generally) a 3-D as opposed to a 2-D structural model.
For a linear analysis, a 3-D model would usually be chosen for convenience, even for regular
structures. However, a non-linear static (push-over) analysis becomes much less straightfor-
ward with 3-D analysis models, and should be used with caution if there is plan irregularity,
because of the difficulty in capturing coupled lateral-torsional modes of response. Other
consequences of non-regularity in plan are the need to combine the effects of earthquakes
in the two principal directions of a structure and for certain structures (primarily moment
frame buildings) the g factor must be reduced by up to 13%. Moreover, in ‘torsionally flex-
ible’ concrete buildings, the g value is reduced to 2 for medium ductility and 3 for high
ductility, with a further reduction of 20% if there is irregularity in elevation. “Torsionally
flexible’ buildings are defined in the next section.

A classification of ‘non-regular’ in elevation also requires the use of modal analysis, and leads
to a reduced ¢ factor, equal to the reference value for regular structures reduced by 20%.

The EC8 Manual (ISE/AFPS 2010) proposes some simplified methods of evaluating regu-
larity, which are suitable for preliminary design purposes.

Section 4.9 of this book provides a worked example of assessing the regularity in plan and
elevation of the demonstration building structure adopted for this book.

4.5.2 Regularity in plan

Classification as regular in plan requires the following.

1. ‘Approximately’ symmetrical distribution of mass and stiffness in plan.

2. A ‘compact’ shape, that is, one in which the perimeter line is always convex, or at least
encloses not more than 5% re-entrant area (Figure 4.3).

3. The floor diaphragms shall be sufficiently stiff in-plane not to affect the distribution
of lateral loads between vertical elements. EC8 warns that this should be carefully
examined in the branches of branched systems, such as L, C, H, I and X plan shapes.

4. The ratio of longer side to shorter sides in plan does not exceed 4.

5. The torsional radius 7, in the x direction must exceed 3.33 times e,, the eccentricity
between centres of stiffness and mass in the x direction. Similarly, 7, must exceed 3.33
times e,,. The terms ,, 7,, ¢, and e, are defined below.

6. 7, and 7, must exceed the radius of gyration [, otherwise the building is classified as
‘torsionally flexible’, and the g values in concrete buildings are greatly reduced. The
terms 7., 7, and [, are defined below.
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Re-entrant area = B2 sq m

Perimeter line of

main structural elements
&« (excluding balconies and

other cantilever projections)

— Plan area of building = A sq m

Re-entrant area = B1 sq m

Plan shape can be classified as ‘compact’ if
B1/A <0.05 and B2/A < 0.05

Figure 4.3 Definition of compact shapes.

The torsional radius 7, is the square root of the ratio of torsional stiffness (rotation per
unit moment) to lateral stiffness in the x direction (deflection per unit force). A similar defi-
nition applies to 7,.

These are not exact definitions for a multi-storey building, since only approximate defi-
nitions of centre of stiffness and torsional radius are possible; they depend on the vertical
distribution of lateral force and moment assumed. Approximate values may be obtained,
based on the moments of inertia (and hence lateral stiffness) of the individual vertical
elements comprising the lateral force resisting system; see Figure 4.4 and Equations 4.1
and 4.2. These equations are not reliable where the lateral load-resisting system consists
of elements that assume different deflected shapes under lateral loading, for example
unbraced frames combined with shear walls. Alternatively, using a computer analysis, val-
ues can be obtained from the deflections and rotations at each floor level found from the
application of unit forces and torsional moments applied to a 3-D model of the structure;
various vertical distributions of forces and moments may need to be considered. A worked
example is provided in Section 4.9 below. Further advice is provided in the EC8 Manual
(ISE/AFPS 2010).

_\" (*El,) _\" WEL)
Xes = ZT; Ves = Z EIx (4'1)

y= Z(x2E1y+y2EIx) . z(szIy+y2EIx)

SEL = SEL 2

The radius of gyration / is the square root of the ratio of the polar moment of inertia to
the mass, the the polar moment of inertia being calculated about the centre of mass. For a




Basic seismic design principles for buildings 83

Flexural stiffness EI, EI,
co-ordinates of centroid x y

| i )

Centre of stiffness
co-ordinates x

>
>

CS-yCS

Figure 4.4 Approximate calculation of torsional radii (see also Equations 4.1 and 4.2).

> X

rectangular building of side lengths [ and b, and a uniform mass distribution, Equation 4.3
applies.

I, =J(I*+b*)12 (4.3)

The requirement for torsional radius 7, to exceed 3.33 times the mass-stiffness eccentric-
ity e, (item 5 on the list at the beginning of this section) relates the torsional resistance to
the driving lateral-torsional excitation, correctly favouring configurations with stiff perim-
eter elements and penalising those relying on central elements for lateral resistance. It is very
similar to a requirement that has appeared for many years in the Japanese code.

The requirement for r, to exceed radius of gyration [, (item 6 on the list at the beginning
of this section) ensures that the first torsional mode of vibration does not occur at a higher
period than the first translational mode in either direction, and demonstrating that this
applies is an alternative way of showing that ‘torsional flexibility’ is avoided (EC8 Manual,
ISE/AFPS 2010).

4.5.3 Regularity in elevation

Building must satisfy all the following requirements to be classified as regular in elevation.

1. All the vertical load-resisting elements must continue uninterrupted from foundation
level to the top of the building or (where setbacks are present — see (4) below) to the top
of the setback.

2. Mass and stiffness must either remain constant with height or reduce only gradually,
without abrupt changes. Quantification is not provided in EC8; the EC8 Manual (ISE/
AFPS 2010) recommends that buildings where the mass or stiffness of any storey is
less than 70% of that of the storey above or less than 80% of the average of the three
storeys above should be classified as irregular in elevation.
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3. In buildings with moment-resisting frames, the lateral resistance of each storey (i.e. the
seismic shear initiating failure within that storey, for the code-specified distribution
of seismic loads) should not vary ‘disproportionately’ between storeys. Generally, no
quantified limits are stated by EC8, although special rules are given where the varia-
tion in lateral resistance is due to masonry infill within the frames. The EC8 Manual
(ISE/AFPS 2010) recommends that buildings where the strength of any storey is less
than 80% of that of the storey above should be classified as irregular in elevation.

4. Buildings with setbacks (i.e. where the plan area suddenly reduces between succes-
sive storeys) are generally irregular, but may be classified as regular if less than limits
defined in the code. The limits, broadly speaking, are a total reduction in width from
top to bottom on any face not exceeding 30%, with not more than 10% at any level
compared to the level below. However, an overall reduction in width of up to half is
permissible within the lowest 15% of the height of the building.

4.6 CAPACITY DESIGN

EC8 Part 1 Section 2.2.4 contains some specific design measures for ensuring that struc-
tures meet the performance requirements of the code. These apply to all structures, not
just buildings, and a crucial requirement concerns capacity design, which determines much
of the content of the material-specific rules for concrete, steel and composite buildings in
Sections 5, 6 and 7 of EC8 Part 1.

Clause 2(P) of Section 2.2.4.1 states

In order to ensure an overall dissipative and ductile behaviour, brittle failure or the pre-
mature formation of unstable mechanisms shall be avoided. To this end, where required
in the relevant Parts of EN 1998, resort shall be made to the capacity design procedure,
which is used to obtain the hierarchy of resistance of the various structural components
and failure modes necessary for ensuring a suitable plastic mechanism and for avoiding
brittle failure modes.

Professor Paulay’s ‘ductile chain’ illustrates the principle of capacity design (see Figure 4.5).
The idea is that the ductile link yields at load that is well below the failure load of the brittle
links. Although most building structures are somewhat less straightforward than the chain
used in Tom Paulay’s example, one of the great strengths of the capacity design principle is
that it relies on simple static analysis to ensure good performance, and is not dependent on
the vagaries of a complex dynamic calculation.

Ensuring that columns are stronger than beams in moment frames, concrete beams are
stronger in shear than in flexure and steel braces buckle before columns are three important
examples of capacity design. A general rule for all types of frame building given in EC8 Part

Ductile link

N\

o=

T~

Brittle links

Figure 4.5 Capacity design — ensuring that ductile links are weaker than brittle ones.
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1 Section 4.4.2.3 is that the moment strength of columns connected to a particular node
should be 30% greater than the moment strength of the beams:

ZMRC > 1.32 Mg, (4.4)

The rule must be satisfied for concrete buildings, but the alternative capacity design rules
given in EC8 Section 6.6.3 may apply to steel columns (see Chapter 6 of this book).

One feature of capacity design is that it ensures that designers identify clearly which
parts of the structure will yield in a severe earthquake (the “critical’ regions) and which will
remain elastic. An important related clause is given by clause 3(P) of Section 2.2.4.1.

Since the seismic performance of a structure is largely dependent on the behaviour of its
critical regions or elements, the detailing of the structure in general and of these regions
or elements in particular, shall be such as to maintain the capacity to transmit the neces-
sary forces and to dissipate energy under cyclic conditions. To this end, the detailing of
connections between structural elements and of regions where non-linear behaviour is
foreseeable should receive special care in design.

4.7 OTHER BASIC ISSUES FOR BUILDING DESIGN

4.7.1 Load combinations

Basic load combinations are given in EN1990: Basis for design, and for seismic load combi-
nations are as follows:

Ed =2ij+ AEd + z\lfziQki (4.5)

Design action effect ~ Permanent  Earthquake  Reduced variable load

\,, is the factor defined in EN1990, which reduces the variable (or live) load from its charac-
teristic (upper bound) value to its ‘quasi-permanent’ value, expected to be present for most
of the time. It is typically in the range 0.0-0.8, depending on the variability of the loading

type.

4.7.2 ‘Seismic’ mass

The mass taken when calculating the earthquake loads should comprise the full permanent (or
dead) load plus the variable (or live) load multiplied by a factor ;. EC8 Part 1 Section 4.2.4
quantifies this as the factor y,; defined in Section 4.7.1 above multiplied by a further reduction
factor ¢, which allows for the incomplete coupling between the structure and its live load:

VEi = Yo (4.6)

Typical values of @ are in the range 0.5-1, depending on the loading type.

4.7.3 Importance classes and factors

Four importance classes are recognised, as shown in Table 4.1, which also shows the recom-
mended vy, factor; this is, however, a ‘nationally determined parameter’ (NDP) which may be
varied in the National Annex.
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Table 4.1 Importance classes

Importance class Buildings Yi

| Buildings of minor importance for public safety, 0.8
for example, agricultural buildings, etc.

Il Ordinary buildings, not belonging in the other 1.0 (NB: not an NDP)
categories.
I} Buildings whose seismic resistance is of 1.2

importance in view of the consequences
associated with a collapse, for example,
schools, assembly halls, cultural institutions
etc.

v Buildings whose integrity during earthquakes 1.4
is of vital importance for civil protection,
for example, hospitals, fire stations, power
plants, etc.

Note that whereas in US practice, the importance factors are applied to the seismic loads,
in EC8 they are applied to the input motions. This makes an important difference when
non-linear analysis is employed, since increasing the ground motions by X% may cause an
increase of less than X% in forces, due to yielding of elements, but (possibly) more than X%
in deflections, due to plastic strains and P-delta effects.

4.7.4 Primary and secondary members

EC8 Part 1 Section 4.2.2 distinguishes between primary and secondary elements. Primary
elements are those which contribute to the seismic resistance of the structure. Some struc-
tural elements can, however, be designated as ‘secondary’ elements, which are taken as
resisting gravity loads only. Their contribution to seismic resistance must be neglected.
These elements must be shown to be capable of maintaining their ability to support the grav-
ity loads under the maximum deflections occurring during the design earthquake. This may
be done by showing that the actions (moments, shears, axial forces) that develop in them
under the calculated seismic deformations do not exceed their design strength, as calculated
in EC2. Otherwise no further seismic design or detailing requirements are required.

An example of the use of secondary elements occurs in a frame building is the follow-
ing arrangement (Figure 4.6). The perimeter frame is considered as the primary seismic
resisting element, and is designed for high ductility while the internal members are con-
sidered secondary. This gives considerable architectural freedom for the layout of the
internal spaces; the column spacing can be much greater than would be efficient in a
moment resisting frame, while close spaced columns on the perimeter represents much
less obstruction.

4.7.5 Other design measures in EC8 Part | Section 2.2.4

The need for an adequate structural model for analysis is identified, and where necessary,
soil deformability, the influence of non-structural elements and adjacent structures should
be included in the analysis (clause 2.2.4 1(4)P). More detailed advice on analysis is given in
the EC8 Manual (ISE/AFPS 2010).

The need for quality control is discussed and in particular, a formal quality system plan is
specified for areas of high seismicity and structures of special importance (Section 2.2.4.3).
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Figure 4.6 Building with external primary perimeter frame and internal secondary members.

Where a formal quality plan is applied to concrete buildings, a reduction in g values (and
hence lateral strength requirements) is permitted (see Section 5.2.2.2(10)).

4.8 WORKED EXAMPLE FOR SITING OF STRUCTURES

4.8.1 Introduction

For this example, four sites (A, B, C and D) are postulated to be available for construction
of the demonstration hotel structure. Preliminary site investigation was carried out at all the
sites. Borehole data and SPT and field vane shear tests were carried out at each site. This
information is shown in Figure 4.7.

4.8.2 Notes on key aspects of each site

SITE A: Loose sands below water table imply a high liquefaction risk. Piled foundations are
likely to be necessary; piling through liquefiable material poses serious design problems
associated with ensuring pile integrity and/or pile settlements.

SITE B: Strong stiffness contrast between top 5 m of soft clay and stiff clay below implies
a high amplification of ground motions, especially around the 0.5 second (=4H/V,)
period. Founding would need to be on to stiff clay, via piles or a deep basement.

SITE C: Stiff materials throughout form good foundation material with lowered potential for
ground motion amplification. Shallow foundation is feasible.
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Figure 4.7 Example borehole logs for possible sites for the building.
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SITED: A 6 m strata of soft clay may give rise to significant amplification of ground motions.
Piling would be likely to be necessary into sandstone layer; relatively high shear strain
differential between soft clay strata and stiffer strata above and below would probably
result in plastic hinge formation in the piles.

4.8.3 Site selected for the hotel

Choose ‘Site C’ for shallow foundation design.
Reasons:

1. Good, dense sand layer with 16 m thickness with high SPT numbers, overlying stiff clay
2. Angle of internal friction is 36°
3. Above the water table

4.9 WORKED EXAMPLE FOR ASSESSING
STRUCTURAL REGULARITY

4.9.1 Introduction

The structural layout shown in Figure 4.8 is now checked for regularity in plan and eleva-
tion. A concrete frame and shear wall scheme has been adopted.

4.9.2 Regularity in plan

All the following conditions must be met.

1. ‘Approximately’ symmetrical distribution of mass and stiffness in plan.

By inspection, it can be seen that a symmetrical distribution of stiffness has been
achieved in plan, and there is no indication from the brief that significantly asymmetri-
cal distributions of mass are to be expected.

2. A ‘compact’ shape, that is, one in which the perimeter line is always convex, or at least
encloses not more than 5% re-entrant area (Figure 4.1).

There are no re-entrant corners.

3. The floor diaphragms shall be sufficiently stiff in-plane not to affect the distribu-

tion of lateral loads between vertical elements. EC8 warns that this should be care-
fully examined in the branches of branched systems, such as L, C, H, I and X plan
shapes.
The floor slabs in the tower are rectangular, without branches, and have an aspect
ratio in the tower (see 4 below) of 56 m/20 m = 2.8, which is relatively compact. Given
the uniform distribution of mass and lateral load-resisting elements (i.e. the frames and
shear walls) in the long direction, a continuous concrete solid slab or topping slab over
pre-cast elements of at least 70 mm would not be expected to give rise to uneven load
distributions, unless there were substantial openings in the slabs.

4. The ratio of longer side to shorter sides in plan does not exceed 4.

The ratio in the tower is 2.8 (see above).

5. The torsional radius r, in the X (short) direction must exceed 3.33 times e,, the eccen-
tricity between centres of stiffness and mass in the X direction. Similarly, », must
exceed 3.33 times €4y
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The EC8 Manual (ISE/AFPS 2010) gives conservative but simplified rules for satisfy-
ing this condition for some standard cases, but does not cover that of a uniform space
frame with isolated shear walls, as here. The well distributed layout of shear walls and
frames suggests that the structure should possess adequate torsional stiffness. A 3-D
computer analysis was carried out to perform a detailed check, as follows.

Top deflection at top of building in X (short) direction under 1,000 kN 7.35 mm
load applied at stiffness centre in X direction:
Top deflection at top of building in Y (long) direction under 1,000 kN 7.14 mm
load applied at stiffness centre in Y direction:
Top rotation at top of building about Z (vertical) axis under 1,000 kNm 8.18 E-6 radians

moment about Z-axis

E
o ‘All walls 3,500 mm by 350 mm
g .Transverse :prim:aiy beams in . Transverse p;imary beams in terrace
2 tower 450 mm by 600 mm deep 450 mm by 750 mm deep
All columns 750 mm square
g reducing to
3 600 mm square above level 4
g 2]
= ‘5
S 3
"5 §
EE
z i3
o -8
£ e =
- = -g =
£ E
E S Q
S S 9
* <
- "
=
<
[e<]
|
||
Single storey 8 storey tower Single storey
terrace terrace

Secondary beams, spanning in the transverse direction onto longitudinal
beams at 8 m centres between primary beams, are omitted for clarity.

All floor and roof slabs are 150 mm thick solid concrete.

Figure 4.8 Structural layout taken for regularity checks. (a) Plan and (b) elevation. (Continued)
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Tower
Level 4: +14.8 m
Level 3: +11.3 m
7
Level 2: +7.8 m
Level 1: +4.3
Terrace Terrace
Ground: 0.0 m

Figure 4.8 (Continued) Structural layout taken for regularity checks. (a) Plan and (b) Elevation.

NB: The building is taken as perfectly symmetrical, and so the geometric centre, the centre
of stiffness and the centre of mass all coincide. For cases where the stiffness and mass centre
do not coincide with the geometric centre, see the example calculation in Appendix A of the
EC8 Manual (ISE/AFPS 2010).

X stiffness = 1,000/(7.35E-3) = 136E3 kN/m
Y stiffness = 1,000/(7.14E-3) = 140E3 kN/m
Torsional stiffness = 1,000/(8.18E~6) = 122E6 kN m/radian

7. = (122E6/140E3)"2=29.5 m
0.37,=0.3"29.5=8.9m

r,=(61.7E6/137E3)"2 = 30.0 m
0.3r,=0.3*30=9.0 m

Therefore, the separation between centres of mass and stiffness needs to be less than
about 9 m.
6. r, and r, must exceed the radius of gyration [, otherwise the building is classified as
‘torsionally flexible’, and the g values in concrete buildings are greatly reduced.
The radius of gyration, assuming a uniform mass distribution, is calculated as follows.
It can be seen that the requirement for regularity is satisfied.

I, =[(56* +20%)/12]"* =17.2m < (= 29.5m) and < ,(= 30m) — ok.
y

The EC8 Manual (ISE/AFPS 2010) notes that an alternative demonstration that
this condition is satisfied is to show that the first predominantly torsional mode has
a lower period than either of the first predominantly translational modes in the two
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principal directions. A 3-D computer analysis, which assumed that the mass and stiff-
ness centres coincided, gave the following values, confirming that this applies to the
present structure. The period of the first torsional mode is well below that of the
first two translational modes, reflecting the large excess of 7, and r, over [ calculated
previously.

Period of firstY translational mode 090s
Period of first X translational mode 0.88s
Period of first torsional mode 0.62s

Hence all the conditions for regularity in plan are satisfied.

4.9.3 Regularity in elevation

The following conditions must be met:

1. All the vertical load-resisting elements must continue uninterrupted from foundation
level to the top of the building or (where setbacks are present — see (4) below) to the top
of the setback.

Satisfied by inspection.

2. Mass and stiffness must either remain constant with height or reduce only gradually,

without abrupt changes. Quantification is not provided in EC8; the EC8 Manual (ISE/
AFPS 2010) recommends that buildings where the mass or stiffness of any storey is
less than 70% of that of the storey above or less than 80% of the average of the three
storeys above should be classified as irregular in elevation.
The ground floor has a storey height of 4.3 m, compared with 3.5 m for the upper
storeys, which tends to reduce stiffness by a factor of approximately (3.5/4.3)? = 66%,
which is a bit less than the 70% or 80% proposed above. However, there are more
columns in the ground floor — an additional 50% — which offsets this, as does the base
fixity of the ground floor columns and shear walls. Overall, this suggests that the stiff-
ness ratio is within limits.

A 3-D computer analysis shows that under earthquake loading, the ground floor
storey drift is significantly less than that of the first floor, confirming that the stiffness
check is satisfied. There is a stiffness change where the columns reduce in section at the
fifth floor, but this is a reduction in stiffness so the regularity condition is met.

The assumption that there is similar use of the floors in the tower at all levels above
ground level leads to the conclusion that the mass at one level is always less that of the
level below.

Hence the ‘soft storey’ check is satisfied.

3. In buildings with moment-resisting frames, the lateral resistance of each storey (i.e.
the seismic shear initiating failure within that storey, for the code-specified distribu-
tion of seismic loads) should not vary ‘disproportionately’ between storeys. Generally,
no quantified limits are stated by EC8, although special rules are given where the
variation in lateral resistance is due to masonry infill within the frames. The ISE
Manual on EC8 (ISE 2008) recommends that buildings where the strength of any
storey is less than 80% of that of the storey above should be classified as irregular in
elevation.

It is unlikely that any viable design would violate this condition. It cannot of course be
checked without knowledge of the reinforcement in the beams, columns and walls.
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4. Buildings with setbacks (i.e. where the plan area suddenly reduces between successive

storeys) are generally irregular, but may be classified as regular if less than limits are
defined in the code. The limits broadly speaking are a total reduction in width from
top to bottom on any face not exceeding 30%, with not more than 10% at any level
compared to the level below. However, an overall reduction in width of up to half is
permissible within the lowest 15% of the height of the building.
The reduction in building width between the ground and first floors, as the tower rises
above the podium, constitutes a setback. Since the ground floor height, at 4.3 m, is less
than 15% of the total height of 28.8 m (28.8 times 0.15 =4.32 m), and the reduction
in width is from 40 m to 20 m (= 50% reduction) the setback remains (just) within
‘regular’ limits.

Hence all the conditions for regularity in elevation are satisfied.
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5.1 INTRODUCTION

As noted in earlier chapters, EC8 aims to ensure life safety in a large earthquake together
with damage limitation following a more frequent event. Whilst the code allows these events
to be resisted by either dissipative (ductile) or non-dissipative (essentially elastic) behaviour,
there is a clear preference for resisting larger events through dissipative behaviour. Hence,
much of the code is framed with the aim of ensuring stable, reliable dissipative performance
in pre-defined ‘critical regions’, which limit the inertial loads experienced by other parts
of the structure. The design and detailing rules are formulated to reflect the extent of the
intended plasticity in these critical regions, with the benefits of reduced inertial loads being
obtained through the penalty of more stringent layout, design and detailing requirements.

This is particularly the case for reinforced concrete structures where such performance
can only be achieved if strength degradation during hysteretic cycling is suppressed by
appropriate detailing of these critical zones to ensure that stable plastic behaviour is not
undermined by the occurrence of brittle failure modes such as shear or compression in the
concrete or buckling of reinforcing steel.

With this in mind, three dissipation classes are introduced:

e Low (DCL) in which virtually no hysteretic ductility is intended and the resistance to
earthquake loading is achieved through the strength of the structure rather than its
ductility.

¢ Medium (DCM) in which quite high levels of plasticity are permitted and correspond-
ing design and detailing requirements are imposed.

e High (DCH) where very large inelastic excursions are permitted accompanied by even
more onerous and complex design and detailing requirements.

In this chapter, the primary focus is on DCM structures, which are likely to form the most
commonly used group in practice. However, the limited provisions for DCL structures and



Design of concrete structures 97

the additional requirements for DCH structures are briefly introduced. Only the design of
in-situ reinforced concrete buildings to EC8 Part 1 is addressed here. Rules for the design of
pre-cast concrete structures are included in Section 5.11 of the code and guidance on their
use in standard building structures is given in the Institution of Structural Engineers’ man-
ual on the application of EC8 (ISE/AFPS, 2010). Pre-stressed concrete structures, although
not explicitly excluded from the scope of EC8 Part 1, are implicitly excluded as dissipa-
tive structures since the rules for detailing of critical regions are limited to reinforced con-
crete elements. Pre-stressed components could still be used within dissipative structures but
should then be designed as protected elements, as discussed later.

5.2 DESIGN CONCEPTS

5.2.1 Energy dissipation and ductility class

ECS8 is not a stand-alone code but relies heavily on the material Eurocodes to calculate resis-
tance to seismic actions. Eurocode 2 (BS EN1992-1-1:2004 in the UK) fulfils this function
for concrete structures. For DCL structures, EC8 imposes very limited material require-
ments in addition to the Eurocode 2 provisions, whereas for DCM and DCH structures,
increasingly more onerous material requirements are imposed, together with geometrical
constraints, capacity design provisions and detailing rules tied to local ductility demand.

These rules are aimed at the suppression of brittle failure modes, provision of capacity to
withstand non-linear load cycles without significant strength degradation and improving
the ability of defined critical regions to undergo very high local rotational ductility demands
in order to achieve the lower global demands. Typically, this includes

¢ Ensuring flexural yielding prior to shear failure

¢ Providing stronger columns than beams to promote a more efficient beam side-way
mode of response and avoid soft storey failure

¢ Retention of an intact concrete core within confining links

e Prevention of buckling of longitudinal reinforcement

¢ Limiting flexural tension reinforcement to suppress concrete crushing in the compres-
sion zone

These detailed requirements build upon the guidelines in Section 4 of EC8 Part 1 on

e Regularity of structural arrangement, aiming to promote an even distribution of duc-
tility demand throughout the structure.

¢ Providing adequate stiffness, both to limit damage in events smaller than the design
earthquake and to reduce the potential for significant secondary P-8 effects.

5.2.2 Structural types

ECS8 Part 1 classifies concrete buildings into the following structural types:

Frame system

Dual system, which may be either frame or wall equivalent
Ductile wall system

System of large lightly reinforced walls
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¢ Inverted pendulum system
¢ Torsionally flexible system

Apart from torsionally flexible systems, buildings may be classified as different systems in
the two orthogonal directions.

Frame systems are defined as those systems where moment frames carry both vertical and
lateral loads and provide resistance to 65% or more of the total base shear.

Conversely, buildings are designated as wall systems if walls resist 65% or more of the
base shear. Walls may be classed as either ductile walls, which are designed to respond as
vertical cantilevers yielding just above a rigid foundation, or as large lightly reinforced walls.
Ductile walls are further sub-divided into coupled or uncoupled walls. Coupled walls com-
prise individual walls linked by coupling beams, shown in Figure 5.1, resisting lateral loads
through moment and shear reactions in the individual walls together with an axial tensile
reaction in one wall balanced by an axial compressive reaction in the other to create a global
moment reaction. The magnitude of these axial loads is limited by the shear forces that can
be transferred across the coupling beams. In order to qualify as a coupled wall system, the
inclusion of coupling beams must cause at least a 25% reduction in the base moments of the
individual walls from that which would have occurred in the uncoupled case. As coupled
walls dissipate energy, not only in yielding at the base but also in yielding of the coupling
beams, buildings with coupled walls may be designed for lower inertial loads than buildings
with uncoupled walls to reflect their greater ductility and redundancy.

Large lightly reinforced walls are a category of structure introduced in EC8 and not
found in other national or international seismic codes. These walls are assumed to dissipate
energy, not through hysteresis in plastic hinges, but by rocking and uplift of the foundation,
converting kinetic energy into potential energy of the structural mass and dissipating this
through radiation damping. The dimensions of these walls or their fixity conditions or the
presence of stiff orthogonal walls effectively prevent plastic hinging at the base. These pro-
visions are likely to find wide application in heavy concrete industrial structures. However,

Iy =P

1

M =M+ M, +P,

MR

Figure 5.1 Coupled wall system.
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since this book is concerned primarily with conventional building structures, this type of
structure is not considered further here.

Dual systems are structural systems in which vertical loads are carried primarily by struc-
tural frames but lateral loads are resisted by both frame and wall systems. From the earlier
definitions, it is clear that, to act as a dual system, the frame and wall components must
each carry more than 35% but less than 65% of the total base shear. When more than 50%
of the base shear is carried by the frames, it is designated a frame-equivalent dual system.
Conversely, it is termed a wall-equivalent dual system when walls carry more than 50% of
the base shear.

Torsionally flexible systems are defined as those systems where the radius of gyration of
the floor mass exceeds the torsional radius in one or both directions. An example of this
type of system is a dual system of structural frames and walls with the stiffer walls all con-
centrated near the centre of the building on plan.

Inverted pendulum systems are defined as systems where 50% of the total mass is concen-
trated in the upper third of the height of the structure or where energy dissipation is con-
centrated at the base of a single element. A common example would normally be one storey
frame structures. However, single-storey frames are specifically excluded from this category
provided the normalised axial load, vy, does not exceed 0.3.

Vg = Nga/(Ac * foa) (5.1)

where Ny, is the applied axial load in the seismic design situation, A, is the area of the col-
umn and £, is the design compressive strength of the concrete (i.e. the characteristic strength
divided by the partial material factor, which can usually be taken as 1.5).

The treatment of both torsionally flexible and inverted pendulum systems within EC8 is
discussed further in Section 5.4.

5.2.3 q factors for concrete buildings

Table 5.1 shows the basic values of g factors for reinforced concrete buildings. These are the
factors by which the inertial loads derived from an elastic response analysis may be reduced
to account for the anticipated non-linear response of the structure, together with associated
aspects such as frequency shift, increased damping, over-strength and redundancy. The fac-
tor, o, /oy, represents the ratio between the lateral load at which structural instability occurs
and that at which first yield occurs in any member. Default values of o /oy between 1.0 and
1.3 are given in the code with an upper limit of 1.5. Higher values than the default figures
may be utilised but need to be justified by push-over analysis.

For walls or wall-equivalent dual systems, the basic value of the behaviour factor then
needs to be modified by a factor, k,, which accounts for the prevailing failure mode of the

Table 5.1 Basic value of the behaviour factor, q,, for systems
regular in elevation

Structural type DCM DCH

Frame system, dual system, coupled 3.00, /0, 450,/
wall system

Uncoupled wall system 3.0 4.00, /1,

Torsionally flexible system 2.0 3.0

Inverted pendulum system 1.5 2.0
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wall, the g factors being reduced on squat walls where more brittle shear failure modes tend
to govern the design.

Ry = (1+00)/3 (5.2)

where 0., is the prevailing aspect ratio, b /I, of the walls.

A lower limit of 0.5 is placed on k,, for walls with an aspect ratio of 0.5 or less, with the
basic g factor being applied unmodified to walls with an aspect ratio of 2 or more.

The basic g, factors tabulated are for structures which satisfy the EC8 regularity criteria,
the basic factors needing to be reduced by 20% for structures which are irregular in eleva-
tion according to the criteria given earlier in Chapter 4.

5.2.4 Partial factors

In checking the resistance of concrete elements, the partial factors for material properties,
v. and v, for concrete and reinforcement respectively, are generally taken as those for the
persistent and transient design situation rather than for the accidental design situation,
which may initially appear to be more in keeping with an infrequent event, such as the
design earthquake. Hence, a value of 1.5 is adopted for y. and 1.15 for v, in the UK, the
values being defined in the National Annex to Eurocode 2 for each country. This practice
is based upon an implicit assumption that the difference between the partial factors for
the persistent and transient situation and those for the accidental situation are adequate to
cater for possible strength degradation due to cyclic deformations. The use of these material
factors has the added benefit to the design process that standard Eurocode 2 design charts
can be used.

5.3 DESIGN CRITERIA

5.3.1 Capacity design

Capacity design is the basic concept underpinning the EC8 design philosophy for ductile
structures (DCM and DCH). Therefore, it is important to fully understand this basic prin-
ciple in order to place in context the design rules aimed at implementing it.

This concept can be exemplified considering the chain, introduced by Paulay (1993) and
represented in Figure 5.2, in which link 1 is ductile and all other links are brittle.

Links 2,3,4 Links 2,3,4
Direct design Capacity

i I
! Link 1 :
I

| | design

8y Su =208y 5 Oy 5 oy 5

Figure 5.2 Ductility of chain with brittle and ductile links.
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According to standard design procedures for quasi-static loading (termed direct design),
as the applied force is the same for all links, the design force is also equal on all links.
Therefore, assuming there are no reserve strengths, the yield capacity of all links is the same.
In this situation, the system cannot resist any force above F,, at which rupture of the brittle
links takes place. Therefore with direct design the overall increase in length of the chain at
rupture is

du = 48y (5.3)

According to capacity design principles, to maximise the ductility of the chain, some
links have to be chosen to have ductile behaviour and be designed with that purpose. The
rest of the structure must be designed with excess strength in order to remain elastic dur-
ing the plastic deformations of the ductile links. For this purpose, the design force of the
brittle links must be equal to the maximum resistance of the ductile links after yielding,
this is, a force equal or above F,. The ductile link behaves like a fuse, which does not allow
the applied force acting on the brittle links to increase above their maximum resistance.
Therefore, the force applied on the chain can increase above F, up to the value F,, but cannot
exceed this value. At this stage, the chain collapses at a displacement much higher than the
chain designed with the direct design methodology, as follows:

Ou = 38y + 6u; = 30y + 208y = 230y (5.4)

Hence, the brittle links must be designed for a force different from the ductile link, which
is a function not of the notional applied load but of the capacity of the ductile link, in order
to prevent the premature failure of the brittle links before the deformation capacity of the
ductile links is exhausted. The fact that the design action-effects in pre-defined ‘protected’
elements are a function of the resistance of other key elements is a basic characteristic of
capacity design, and is an important difference to standard design procedures for quasi-
static loading.

This highlights the fact that the indiscriminate provision of excess strength, which is usu-
ally considered positive according to standard design procedures, may adversely affect the
non-linear behaviour of a structural system, as it may prevent an intended ductile link from
acting like a fuse. Hence, if after designing a ductile frame, the flexural reinforcement of
beams or of the base section of walls is increased this is not necessarily a ‘safe’ change since
it may increase the forces transmitted to other parts of the structure.

While capacity design is an important concept for seismic design in all materials, it is
included here because it is particularly relevant to reinforced concrete structures, which can
potentially exhibit brittle failure modes unless attention is paid to suppressing these modes
in the design and detailing.

In the case of reinforced concrete elements, the best way to dissipate energy is by flexural
yielding, as shear and axial forces tend to induce brittle behaviour. Therefore, the ductility
of a structure can generally be optimised by enforcing flexural yielding at specific locations
(ductile links), called plastic hinge zones, avoiding any type of shear or axial compressive
failure (brittle links) and designing the rest of the structure to remain elastic throughout the
development of the plastic hinges.

The approach adopted by EC8 to promote capacity design of reinforced concrete struc-
tures is to choose critical regions of the structure (the plastic hinge zones referred to above)
that are designed to yield in flexure when subject to the design earthquake loading, modified
by the g factor appropriate to the structural system. These critical regions are then detailed
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to undergo large, inelastic cyclic deformations and fulfil the role of structural ‘fuses’, limit-
ing the inertial loads that can be transferred to the remaining ‘protected’ parts of the struc-
ture, which can then be designed to normal Eurocode 2 provisions.

The capacity design rules in EC8 are discussed in more detail later but primarily cover:

e Derivation of shear forces in members from the flexural capacity of their critical
regions.

e Promotion of the strong column/weak beam hierarchy in frame structures, evaluating
column moments as a function of the capacity of the beams framing into them.

In both cases, in the design of notionally elastic parts of the structure, an allowance for
over-strength of the critical regions is made, a greater allowance being made for DCH than
for DCM structures.

5.3.2 Local ductility provisions

The ECS8 design rules take account of the fact that, to achieve the global response reductions
consistent with the g factor chosen, much greater local ductility has to be available within
the critical regions of the structure. Design and detailing rules for these critical regions are
therefore formulated with the objective of ensuring that

¢ Sufficient curvature ductility is provided in critical regions of primary elements.
¢ Local buckling of compressed steel within plastic hinge regions is prevented.

This is fulfilled by special rules for confinement of critical regions, particularly at the base
of columns, within beam/column joints and in boundary elements of ductile walls, which
depend, in part, on the local curvature ductility factor [,. This is related to the global g
factor as follows:

Wo=2qo—-1 if T, 2T- (5.5)
Ho =1+42(go - VT/Ty if Ty < Te (5.6)

where g, is the basic behaviour factor given in Table 5.1 before any reductions are made for
lack of structural regularity or low aspect ratio of walls. T, is the fundamental period of the
building and T is the period at the upper end of the constant acceleration zone of the input
spectrum as described in Section 3.2 of EC8 Part 1.

Additionally, if Class B reinforcement is chosen rather than Class C in DCM structures,
the value of [, should be at least 1.5 times the value given by Equations 5.5 and 5.6, which-
ever is applicable.

5.3.3 Primary and secondary members

Primary elements are specified as being those elements that contribute to the seismic resis-
tance of the structure and are designed and detailed to the relevant provisions of EC8 for the
designated ductility class. Elements that are not part of the main system for resisting seismic
loading can be classed as secondary elements. They are assumed to make no contribution
to seismic resistance and secondary concrete elements are designed to Eurocode 2 to resist
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gravity loads together with imposed seismic displacements derived from the response of
the primary system. In this case, no special detailing requirements are imposed upon these
elements.

A common problem in seismic design is that of unintentional stiffening of the designated
seismic load-resisting system by secondary or non-structural elements (e.g. masonry parti-
tion walls), leading to a higher frequency of response and generally increased inertial loads.
To guard against this, EC8 specifies that the contribution of secondary elements to the
lateral stiffness should be no more than 15% of that of the primary elements. If secondary
elements do not meet this criterion, one option is to provide flexible joints to prevent stiffen-
ing of the primary system by these elements.

Whilst this stiffness limit protects against the global effects of unintentional stiffening,
the designer also needs to be aware of potentially adverse local effects such as

® Local changes to the intended load paths, potentially leading to increased loads on
members not designed to cater for them or introducing a lack of regularity into dis-
crete areas of the structure, modifying their dynamic response.

e Stiffening of parts of individual members (e.g. columns restrained by masonry panels
over part of their height) preventing the intended ductile flexural response from occur-
ring and resulting in a brittle shear failure.

Guidance on local stiffening issues associated with the most common case of masonry
infill panels is given in Sections 4.3.6 and Section 5.9 of the code.

5.3.4 Stiffness considerations

Apart from its major influence in determining the magnitude of inertial loads, dealt with
in earlier chapters, structural stiffness is important in meeting the damage limitation pro-
visions of EC8 Part 1 (Clause 4.4.3) and in assessing the significance of P-0 effects as per
Clause 4.4.2.2 (2) to (4).

Both effectively place limits on storey drift, the former explicitly albeit for a lower return
period earthquake, and the latter implicitly through the inter-storey drift sensitivity coef-
ficient, 0. In both cases, the relative displacements between storeys, d,, if obtained from a
linear analysis, should be multiplied by a displacement behaviour factor, g, to obtain the
plastic relative displacements, d.. When the period of response of the structure is greater
than T (i.e. on the constant displacement or constant velocity portion of the response spec-
trum), g, is equal to the behaviour factor g, so that the plastic displacement is equal to the
elastic displacement obtained from the unreduced input spectrum. However, g, exceeds g at
lower periods as defined in Appendix B of the code.

In calculating displacements, EC8 requires that the flexural and shear stiffness of concrete
structures reflect the effective stiffness consistent with the level of cracking expected at the
initiation of yield of the reinforcement. If the designer does not take the option of calculat-
ing the stiffness reduction directly through push-over analysis, for example, the code allows
the effective stiffness to be based upon half of the gross section stiffness [Clause 4.3.1 (7)] to
account for softening of the structure at the strain levels consistent with reinforcement yield.
It is acknowledged that the true stiffness reduction would probably be greater than this but
the value chosen is a compromise; lower stiffness being more onerous for P-8 effects but less
onerous for calculation of inertial loading on the structure. The EC8 approach, whilst simi-
lar to performance-based methodologies elsewhere, differs in applying a uniform stiffness
reduction independent of the type of element considered. Paulay and Priestley (1992) and
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Priestley (2003) propose greater stiffness reductions in beams than in columns, reflecting
the weak beam/strong column philosophy and the beneficial effects of compressive axial
loads.

Checks on damage limitation aim to maintain the maximum storey drifts below limit-
ing values set between 0.5% and 1% of the storey height, dependent upon the ductility
and fixity conditions of the non-structural elements. The amplified displacements for the
design earthquake are modified by a reduction factor, v, of either 0.4 or 0.5, varying with
the importance class of the building, to derive the displacements applicable for the more
frequent return period earthquake considered for the damage limitation state.

The inter-storey drift sensitivity coefficient, 0, used to take account of P-3 effects, is
defined in the equation:

0 = B *d/(Vior % h) (5.7)

Pt()[
acting at each storey and b the storey height. If the maximum value of 0 at any level is less
than 0.1, then P-3 effects may be ignored. If 8 exceeds 0.3, then the frame is insufficiently
stiff and an alternative solution is required.

For values of 6 between 0.1 and 0.2, an approximate allowance for P-§ effects may be
made by increasing the analysis forces by a factor of 1/(1 —8) whilst, for values of 6 of
between 0.2 and 0.3, a second order analysis is required.

is the total gravity load at and above the storey, V., the cumulative seismic shear force

tot

5.3.5 Torsional effects

A simplified approach towards catering for the increase in seismic forces due to accidental
eccentricity in regular structures is given in Clause 4.3.3.2.4 of EC8 Part 1. Loads on each
frame are multiplied by a factor, 8, equal to [1 + 0.6(x/L.)] where x is the distance of the
frame from the centre of mass and L, is the distance between the two outermost load resist-
ing elements.

Hence, for a building where the mass is uniformly distributed, the forces and moments
on the outermost frames are increased by 30%. Fardis et al. (2005) note that this simplified
method is conservative by a factor of 2 on average for structures with the stiffness uniformly
distributed in plan. Where this is judged to be excessive, the general approach of Clause
4.3.2 may be applied within a 3-D analysis.

However, as the expression for 8 was derived for structures with the stiffness uniformly
distributed in plan, it may produce unsafe results for structures with a large proportion of
the lateral stiffness concentrated at a single location. Therefore, it should not be applied to
torsionally flexible systems.

5.4 CONCEPTUAL DESIGN

As already referred to in Chapter 4, EC8 provides guidance on the basic principles of good
conception of building structures for earthquake resistance. These principles apply to all
types of buildings and are qualitative and not mandatory. However, in Section 5 ‘Specific
Rules for Concrete Buildings’, besides providing guidance and rules for the design of sev-
eral types of reinforced concrete building structures, EC8 clearly encourages designers to
choose the most adequate structural types. Next the most important quantitative aspects
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and clauses of Section 5 of EC8 which condition the choice of structural types are high-
lighted. These are

¢ Reduction of the g-factors assigned to the less adequate structural types and to irregu-
lar structures.
¢ The control of inter-storey drifts, which tends to penalise more flexible structures.

The reduction of the g-factors is apparent in Table 5.1. The torsionally flexible system and
the inverted pendulum system are clearly penalised with g-factors that can be less than half
of the ones prescribed for the frame, dual or coupled wall systems. Buildings with walls may
fall under the classification of torsionally flexible if the walls are concentrated at a single
location in plan. Buildings with several walls closer to the periphery of the floor plans tend
to meet the criterion that avoids this type of classification.

Buildings with irregularities in plan or along the height are penalised as the irregulari-
ties tend to induce concentration of ductility demands at some locations of the structure
opposed to the more uniform spread of ductility demands in regular buildings. In particular,
the interruption of vertical elements which are important for the resistance to horizontal
inertia forces (including both columns and walls, the latter being particularly important)
before reaching the foundations, is a type of irregularity that the observation of past earth-
quakes shows is more likely to lead to catastrophic failure. EC8 only includes a moderate
reduction of 20% in the behaviour factor for structures with this type of irregularity, but
designers are cautioned to avoid it if at all possible.

The above means there is a price to pay for the use of these systems and buildings, both
in terms of increasing amounts of reinforcement and dimensions of structural elements,
which in regions of medium and high seismicity may create problems of compatibility with
architectural requirements.

The control of inter-storey drifts may render frame or frame equivalent dual structures not
stiff enough to meet these requirements, especially in the cases of tall buildings in regions of
medium and high seismicity, prompting designers to conceive coupled wall or wall equivalent
dual structures. These structural types generally present a better combination of stiffness and
ductility characteristics, important for the seismic behaviour of reinforced concrete buildings.

Other requirements of design, related to the application of capacity design, may influ-
ence the overall structural conception of the buildings in order to make it possible to satisfy
those requirements. The most important is the weak-beam/strong-column design of frames,
referred to in Section 5.6.2, aimed at preventing the formation of soft-storey mechanisms.
For this purpose, it is necessary that the sum of the flexural capacity of the columns con-
verging at a joint is greater than the flexural capacity of the beams converging at the same
joint. In practical terms, this implies that the dimension of the columns in the bending
plane must not be much smaller than the dimension of the beams. This is not too difficult
to enforce in a single plan direction, but its implementation in two orthogonal plan direc-
tions simultaneously may imply that both dimensions of the columns have to be large. This
is likely to create difficulties in compatibility with architectural requirements as, in many
cases, architects wish columns to protrude as little as possible from inner partition walls and
exterior walls. However, the weak-beam/strong column requirement is not mandatory in all
ductile structures with frames: the inclusion of walls with reasonable stiffness and strength
in the horizontal resisting system of reinforced concrete buildings is enough for the preven-
tion of the formation of soft-storey mechanisms, associated with hinging of both extremi-
ties of all columns at one floor. This is because there is a kinematic incompatibility between
the wall deformation and the deformation of the frames at the formation of the soft-storey
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Figure 5.3 Kinematic incompatibility between wall deformation and soft-storey.

mechanism, as illustrated in Figure 5.3a. Figure 5.3b shows that in dual systems if the hinges
develop at the columns a mechanism can only develop if plasticity spreads throughout the
height of the building.

In order to quantify how ‘reasonable’ the wall stiffness and strength is, EC8 establishes
that for the above purpose, the walls must absorb at least 50% of the total base shear in the
seismic design situation. Therefore, in wall or wall equivalent dual structures, the walls are
considered stiff enough to prevent the formation of the soft-storey mechanisms, regardless
of frame design.

This allows designers to solve the above-mentioned problem of compatibility between the
weak-beam/strong column design with architectural requirements by providing at least in
one direction walls stiff enough to take at least half of the global seismic shear in that direc-
tion. And the fact that there is no need to enforce the weak-beam/strong column require-
ment simplifies the design process. This makes the choice of wall or wall equivalent dual
structures even more advantageous.

The control of inter-storey drifts due to the presence of walls in dual or wall structures,
in particular the ones not designed for the lower levels of lateral stiffness and strength
(DCH), also helps to limit the possible consequences of effects associated with the pres-
ence of secondary structural elements or non-structural elements, as already referred to in
Section 5.3.3. For this reason, the additional measures prescribed by EC8 to account for the
presence of masonry infills apply only to frame or frame equivalent dual structures (clause
4.3.6.1) of DCH structures.

Another requirement, with possible implications for all vertical structural elements in
all types of structures, is the limitation of the axial force, aiming at restricting the negative
effects of large compressive forces on the available ductility. In order to meet this require-
ment, in some cases, designers may be forced to conceive columns with cross section areas
larger than desirable for compatibility with architectural requirements.

5.5 DESIGN FOR DCL

As noted earlier, EC8 permits the design of structures for non-dissipative behaviour. If this
option is taken, then standard concrete design to Eurocode 2 should be carried out, the
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only additional requirement being that reasonably ductile reinforcing steel, Class B or C
as defined in Eurocode 2, must be used. A g factor of up to 1.5 is permitted, this being
regarded as effectively an over-strength factor. However, other than for design of secondary
elements, the DCL option is only recommended for areas of low seismicity as defined by
Clause 3.2.1(4) of EC8 Part 1.

5.6 FRAMES: DESIGN FOR DCM

5.6.1 Material and geometrical restrictions

There are limited material restrictions for DCM structures. In addition to the requirement

to use Class B or C reinforcement, as for DCL, only ribbed bars are permitted as longitudi-

nal reinforcement of critical regions and concrete of class C16/20 or higher must be used.
Geometrical constraints are also imposed on primary elements.

Beams In order to promote an efficient transfer of moments between columns and
beams, and reduce secondary effects, the offset of the beam centre line from
the column centre line is limited to less than a quarter of the column width.

Also, to take advantage of the favourable effect of column compression on the
bond of reinforcement passing through the beam/column joint:

Width of beam < (column width + depth of beam)
< twice column width if less

This requirement makes the use of flat slabs in ductile frames inefficient as the
slab width that contributes to the stiffness and strength of the frame is
reduced.Their use as primary elements is further discouraged by Clause
5.1.1(2).

Columns ~ The cross-sectional dimension should be at least 1/10th of the distance
between point of contraflexure and the end of the column, if the inter-storey
drift sensitivity coefficient 0 is larger than 0.1.

5.6.2 Calculation of action effects

Action effects are calculated initially from analytical output, for elements and effects associ-
ated with non-linear ductile behaviour, and then from capacity design principles for effects
that are to be resisted in the linear range.

In frame structures, the starting point is the calculation of beam flexural reinforcement to
resist the loads output from the analysis for the relevant gravity load and seismic combina-
tion with the seismic loads reduced by the applicable g factor and factored as appropriate to
account for P-0 effects and accidental eccentricity.

The shear actions on the beam should then be established from the flexural capacity for
the actual reinforcement arrangement provided.

The shear force is calculated from the shear that develops when plastic hinges develop in
the critical regions at each end of the beam. This equates to the sum of the negative yield
moment capacity at one end and the positive yield moment capacity at the other, divided by
the clear span, to which the shear due to gravity loads should be added. The yield moment
is calculated from the design flexural strength, multiplied by an over-strength factor g4, but
this is taken as 1.0 in DCM beams. In calculating the hogging capacity of the beam, the slab
reinforcement within an effective flange width, defined in Clause 5.4.3.1.1(3), needs to be
included. If the reinforcement differs at opposite ends of the beam, the calculation must be
repeated to cater for sway in both directions.



108 Seismic Design of Buildings to Eurocode 8

The beam shear forces may be reduced in cases where the sum of the column moment
strengths at the joint being considered is less than the sum of the beam moment strengths.
This will not generally apply because of the provisions encouraging a strong column/weak
beam mechanism, and only usually occurs in the top storeys of multi-storey frames, or in
single storey frames.

The principle is illustrated in Figure 5.4, following the rules of EC8.

The moments that should then be applied to the columns are also calculated from capacity
design principles to meet the strong column/weak beam requirement.

ZMRC >1.3 sz, (5.8)

where
2 Mg, is the sum of the column strengths provided at the face of the joint.
Y. Mgy, is the sum of the beam strengths provided at the face of the joint.

This rule need not be observed in the top storeys of multi-storey frames, or in single-
storey frames. It is also not necessary to apply this rule in frames belonging to wall or wall-
equivalent dual structures.

Therefore, if a structure is classified as a frame system or frame-equivalent dual system
in only one vertical plane of bending, there is no need for this rule to be satisfied in the
orthogonal plane.

The proportion of the summed beam moments to be resisted by the column sections above
and below the beam/column joint should be allocated in accordance with the relative stiff-
nesses. Fardis et al. (2005) suggest that for columns of equal proportions and spans, 45% of

I Mpyy <Z Mg
YEMpa* = Myp/Z MRC)

S
Dead load + W2 x live load
i e
e
Lcl
Usual case: X My, < X Mp V= My, + My, + Vstatic
Mp; = YMp My, L

cl
Infrequent case: £ My, > £ My,
Miy; = Yog Mppi ™ (Z Mpc/Z Myy)

Figure 5.4 Capacity design values of shear forces in beams.
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Figure 5.5 Capacity design values of shear forces in columns.

the total moment should be assigned to the column above the joint and 55% to that below.
This aims at constant column reinforcement, allowing for the flexural capacity of the col-
umn generally increasing with axial compression.

Having obtained the flexural demand on the column, its capacity to carry combined flex-
ure and axial load can be checked against standard Eurocode 2 interaction charts.

The shear load to be applied to the column is then derived from the flexural capacity in
a similar way to that described above for beams, as shown in Figure 5.5. Generally, there
will be significant axial loads in the column, which affects the moment strength. Also, there
will not usually be significant lateral loading within the length of the column, so there is
no additional term analogous to the gravity loading applied to the beams. However, in all
cases, the moment strength at each end of the column is factored by ygg4, (equal to 1.1 for
DCM columns) and may also be factored by X Mg,/ Mg, provided this ratio is less than
1. In most cases, following the ‘strong column/weak beam’ rule, the ratio of column to
beam strength will be at least 1.3 so the capacity design shear could be reduced accordingly.
However, it is not generally recommended to take advantage of this relaxation as it leads to
a reduction in reserve strengths in shear as compared to flexure. As is the case for beams, the
calculation must be done for sway in both directions; this will mainly affect the influence
of axial load on the bending strength, since the column might be in tension for the positive
direction of seismic load, and in compression for the negative direction, and this has a large
influence on bending strength.

5.6.3 Strength verification

Having derived the design shear and bending actions in the structural members, the
resistances are then calculated according to Eurocode 2. If the partial material factors
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are chosen as discussed in Section 5.2.4 to cater for potential strength degradation, then
the design process is simplified. Standard design aids for strength such as Narayanan and
Beeby (2005) or guidance available on the Internet (e.g. http://www.concretecentre.com/)
can then be used for seismic design. However, EC8 allows National Authorities to choose
more complex options.

An additional restriction in columns is that the normalised axial compression force vy
must be less than 0.65:

Vg = Ngg/Afed £0.65 (5.9)

This is intended to limit the adverse effects of cover spalling and avoid the situation,
characteristic of members subject to high levels of axial stress, where only limited ductility
is available.

For DCM frames, biaxial bending is allowed to be taken into account in a simplified way,
by carrying out the checks separately in each direction but with the uniaxial moment of
resistance reduced by 30%.

5.6.4 Design and detailing for ductility

Special detailing is required in the ‘critical’ regions, where plastic hinges are expected to
form. These requirements are a mixture of standard prescriptive measures outlining a set of
rules to be followed for all structures in a given ductility class and numerically based mea-
sures, where the detailing rules are dependent upon the calculated local ductility demand.
The latter are typically required at the key locations for assurance of ductile performance
such as hinge regions at the base of columns, Beam—column joints and boundary elements of
ductile walls, the detailing provisions becoming progressively more onerous as the ductility
demand is increased.

In frame structures, specific requirements are outlined for beams, columns and beam/
column joints, addressed in turn below.

5.6.4.1 Beams
5.6.4.1.1 Critical regions

The critical regions are defined as extending a length b, away from the face of the support,
and a distance of b, to either side of an anticipated hinge position (e.g. where a beam sup-
ports a discontinued column), where 4, is the depth of the beam.

5.6.4.1.2 Main (longitudinal) steel

Although flexural response of reinforced concrete beams to seismic excitation is generally
deformation-controlled, abrupt brittle failure can occur if the area of reinforcement pro-
vided is so low that the yield moment is lower than the concrete cracking moment. In this
situation, when the concrete cracks and tensile forces are transferred suddenly to the rein-
forcement, the beam may be unable to withstand the applied bending moment. To guard
against this, EC8 requires a minimum amount of tension steel equal to

fctm
min = 0.5 (5.10)
P ( fyk j
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along the entire length of the beam (and not just in the critical regions). In this expression,
f.om is the mean value of concrete tensile strength as defined in Table 3.1 of Eurocode 2 and
f,« is the characteristic yield strength of the reinforcement.

To ensure that yielding of the flexural reinforcement occurs prior to crushing of the com-
pression block, the maximum amount of tension steel provided, p,,.,, is limited to

Pmax = ’ + 700018 . de
“‘Q)gsy,d fyd

(5.11)

Here, €4 is the design value of reinforcement strain at yield, p’ is the compression steel
ratio in the beam and f; and £, are the design compressive strength of the concrete and
design yield strength of the reinforcement respectively.

The development of the required local curvature ductility, p,, is also promoted by speci-
fying that the area of steel in the compression zone should be no less than half of the steel
provided in the tension zone in addition to any design compression steel.

Since bond between concrete and reinforcement becomes less reliable under conditions of
repeated inelastic load cycles, no splicing of bars should take place in critical regions accord-
ing to Clause 8.7.2(2) of EC2. All splices must be confined by specially designed transverse
steel as defined in Equations 5.51 and 5.52 of ECS.

Another area where particular attention needs to be paid to bond stresses is in beam/
column joints of primary seismic frames, due to the high rate of change of reinforcement
stress, generally varying from negative to positive yield on either side of the joint. To cater for
this, the diameter of bars passing through the beam/column joint region is limited according
to Equations 5.50a and 5.50b of EC8 Part 1. For DCM structures, these become

% < 7.5 famlfyd)(140.80,)/(1+0.5p"/pmax)  for interior columns (5.12)
% < 7.5 fam/fyd)(1+0.8v,) for exterior columns (5.13)

c

where d, is the longitudinal bar diameter and 5. is the depth of the column in the direction
of interest.

5.6.4.1.3 Hoop (transverse) steel

Many of the detailing provisions in EC8 revolve around the inclusion of transverse reinforce-
ment to provide a degree of triaxial confinement to the concrete core of compression zones
and restraint against buckling of longitudinal reinforcement. As confinement increases the
available compressive capacity, in terms of both strength and more pertinently strain, it has
enormous benefits in assuring the availability of local curvature ductility in plastic hinge
regions. Eurocode 2 gives relationships for increased compressive strength and available
strain associated with triaxial confinement, illustrated in Figure 5.6. These indicate that for
the minimum areas of confinement reinforcement required at column bases and in beam
column joints, the ultimate strain available would be between about two and four times that
of the unconfined situation, dependent on the effectiveness of the confinement arrangement,
as defined later.
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Figure 5.6 Stress—strain relationships for confined concrete.
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The requirements set out in EC8 to achieve this through detailing of critical regions are
briefly summarised below.

* Hoops of at least 6 mm diameter d,, must be provided.
® The spacing, s, of hoops should be less than the minimum of

b, 14; 24d.,; 225mm or 8dy

¢ The first hoop should be placed not more than 50 mm from the beam end section as
shown in Figure 5.7.

Hoops must have 10 bar diameters anchorage length into the core of the beam.

5.6.4.2 Columns
5.6.4.2.1 Critical regions

These are the regions closer to both end sections of all primary seismic columns. The length
of the critical region (where special detailing is required) is the largest of the following:
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b 14/6; 0.45m

where
b, is the largest cross section dimension of the column
[, is the clear length of the column

The whole length of the column between floors is considered a critical region:

o If (b JI,) is less than 3
¢ For structures with masonry infills
e Ifitis a ground floor column
e If the height of adjacent infills is less than the clear height of the column
e If there is a masonry panel on only one side of the column in a given plane

5.6.4.2.2 Main (longitudinal) steel

The longitudinal reinforcement ratio must be between 0.01 and 0.04.

Symmetric sections must be symmetrically reinforced.

At least one intermediate bar is required along each side of the column.

Full tension anchorage lengths must always be provided, and 50% additional length sup-
plied if the column is in tension under any seismic load combination.

As for beams, no splicing of bars is allowed in the critical regions and where splices are
made, they must be confined by specially designed transverse steel.

5.6.4.2.3 Transverse steel (hoops and ties)

The amount of transverse steel supplied in the critical regions at the base of columns must
satisfy the following equation:

0Oyq = 30Uy - €gyd - b /by —0.035 (5.14)

where o4 is (volume of confining hoops * f4)/(volume of concrete core * f ), b, is the
minimum dimension of concrete core and o is a confinement effectiveness factor, depend-
ing on concrete core dimensions, confinement spacing and the arrangement of hoops and
ties. It is defined in Equations 5.16a to 5.16¢ and 5.17a to 5.17c of the code for various
cross-sections.

In the critical region at the base of columns, a minimum value of ®,4 of 0.08 is speci-
fied. However, for structures utilising low levels of ductility (g of 2 or less) and subject to
relatively low compressive stresses (vy < 0.2), this requirement is waived and the normal
Eurocode 2 provisions apply. In all other critical regions of columns, the following applies:

Minimum hoop and tie diameter is 6 mm.
Maximum spacing of hoops and ties in the critical region is the least of

by/2; 175 mm; 8dB
The maximum distance between restrained longitudinal bars should be 200 mm.

Hoops must have 10 bar diameter anchorage length into the core of the column. Typical
detailing requirements in critical regions of columns are illustrated in Figures 5.8 and 5.9.
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Figure 5.8 Typical column details — elevation.

5.6.4.3 Beam-column joints

The beam—column joints of frames represent a highly stressed region with quite complex
reinforcement detailing. The design requirements in EC8 are much more straightforward for
DCM than for DCH.

In DCM joints, no explicit calculation of shear resistance is required, provided the follow-
ing rules are satisfied:

1. To ensure that there is adequate bond between reinforcement and concrete, the diam-
eter of the main beam bars passing through the joint must be limited as given earlier
in Equations 5.12 and 5.13.

2. At least one intermediate column bar is provided between each of the corners of the
columns.
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Figure 5.9 Typical column details — cross-section.

3. Hoops must continue unreduced through the joint from the critical region of the col-
umn, or must meet the confinement requirements of Equation 5.14 if greater, unless
the joint is confined on all four sides by beams. In this case, the hoop spacing may be
doubled (but must not exceed 150 mm).

5.7 DUCTILE WALLS: DESIGN FOR DCM

Reinforced concrete walls are defined as vertical elements in which one of the dimensions
of its cross-section is at least four times the other dimension. In these elements, the flex-
ural resistance is provided by two boundary elements at section extremities, where flexural
reinforcement is concentrated and concrete is confined, with the web in between providing
most of the shear resistance. The association of intersecting rectangular wall segments that
develop in different directions may give rise to a three dimensional element, which must be
analysed as an integral unit.

5.7.1 Geometrical restrictions

The thickness of the web of reinforced concrete walls, b,,,, must be larger than » /20 (in
which b, is the clear story height), with a minimum of 0.15 m. The width of the bound-
ary elements b, must not be less than 0.20 m. If the length of the boundary element, [, is
restricted to no more than twice its thickness, b, and one-fifth of the wall cross-section
length, [,, then b, must be greater than or equal to b /15. If the wall length [, exceeds

the above value, then the thickness of the boundary element must be higher than 5/10.
Figure 5.10 illustrates the above restrictions.

5.7.2 Calculation of action effects

Figure 5.3 highlights that for the best seismic performance the walls must act as vertical
cantilevers and only be allowed to develop a single plastic hinge at the base. The formation
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Figure 5.10 Minimum thickness of wall boundary elements, following the rules of EC8.

of this hinge is practically unavoidable, which can be explained as follows: both walls and
frames have to withstand similar displacements at floor levels, and therefore both types of
elements have to withstand similar curvatures. As shown in Figure 5.11, this induces higher
axial strains in wall sections due to their larger cross-section dimensions. The fact that this
derives only from kinematic compatibility, and is therefore independent of flexural design,
implies that wall hinging is practically unavoidable for structures designed to resist earth-
quakes in the inelastic range and tend to occur before hinges develop in the frames.

However, besides avoiding the soft-storey mechanism there are other advantages in main-
taining elastic behaviour in the rest of the wall, by preventing the formation of plastic hinges
in the wall at the upper storeys: the elastic part of the wall tends to behave almost as a rigid
body above the flexible zone of the hinge at the base, maintaining relatively uniform inter-
storey drifts throughout the height of the building. This tends to minimise the local ductility
demand in the frames and hence the extent of non-structural damage, for the same global
ductility of the structure.

In order that walls act as vertical cantilevers the length of their cross sections must be signifi-
cantly greater than the height of the beams to which they are connected in the plane that con-
tains the larger wall dimension. For this purpose, Fardis et al. recommend a minimum value of
wall length /, = 1.5 m in low rise buildings and [, =2.0 m in medium and high rise buildings.

The non-linear behaviour of an uncoupled reinforced concrete wall is governed by a single
plastic hinge at its base. This section must be designed in flexure for the bending moment
that results from the analysis for the seismic design situation. However, unlike the frames,
the bending moment diagram does not change sign between successive floor levels, which
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creates uncertainties in moment distribution along the wall. In order to avoid yielding above
the base hinge, EC8 prescribes that the design bending moment diagram is based on an
envelope derived from the bending moment diagram obtained from analysis, as shown in

Figure 5.12.
tension shifta, = z-cot®

where
z — effective depth at base of the wall
0 — strut angle in shear strength calculation according to EC2

a;

| — Moment diagram
from analysis
(wall system)

Meq

2

| — Moment diagram
from analysis

(dual system)

Figure 5.12 Design bending moment for RC walls (EC8).
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Figure 5.13 Design envelope of shear forces of dual systems.

Turning to shear design, since the bending moment diagrams in the wall at the various
stages of hinge development are not known it is not possible to derive shear forces based
on equilibrium equations. In order to avoid shear failure considering (i) possible bending
moments at the base section being greater than the design value used to derive the flexural
reinforcement, (ii) possible variations of the distribution of inertia forces in the non-linear
range and (iii) effects of higher vibration modes, EC8 prescribes that the evaluation of design
shear forces should comprise the magnification of the shear forces from analysis by a factor
of 1.5. Besides the over-strength of the plastic hinge, the flexural capacity can easily increase
above the design value used to derive the flexural reinforcement if seismic action effects in
the wall include a reasonably significant axial force. In this situation, the amount of flexural
reinforcement at the base is probably conditioned by the situation in which the seismic axial
force is tensile, a higher flexural capacity corresponding to the case in which the seismic
axial force is compressive. The EC8 approach for DCM structures is clearly a simplified and
generous one, as the magnifying factor is constant. Therefore, designers should be aware
that it may not cover all the factors that may increase shear forces above the value obtained
from analysis.

In the case of dual structures and due to the larger influence of the frames in the overall
behaviour of the structure at the upper floors, EC8 prescribes an envelope of shear forces
as the one shown in Figure 5.13, which accounts for higher shear forces than predicted at
upper floor levels.

5.7.3 Strength verification

Just as for the frames, both flexural and shear verifications for walls of DCM structures fol-
low standard Eurocode 2 procedures. Flexural reinforcement should be concentrated at the
extremities of the section, in the zones furthest away from the neutral axis. This is also
the most efficient distribution of the flexural reinforcement in terms of curvature ductility.
The minimum longitudinal reinforcement ratio in the boundary elements is 0.005.
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In what regards three dimensional elements, resulting from the intersection of rectangular
wall segments, for the purpose of evaluating the flexural capacity, the effective flange width
on each side of a web should be the minimum of

1. The actual flange width
2. Half the distance to an adjacent web
3. 25% of the height of the wall above that level

Just as for columns, EC8 imposes an upper limit to the normalised axial compression
force on the walls, as follows:

Vg = Ngg/Afod £0.4 (5.15)

where A_ is the cross-section area of the wall, and other symbols are as defined earlier for
column design.

5.7.4 Design and detailing for ductility

It is not necessary to design the boundary elements for ductility if the normalised axial force
is below 0.15 (v, < 0.15). In this situation, the transverse reinforcement can be evaluated as
prescribed in EC2. If 0.15 <v,;<0.20 the design of the transverse reinforcement can also
follow EC2 if the g factor is reduced by 15%. If vy > 0.20, the ductility of the rectangular
wall plastic hinges is achieved by confinement of the wall boundary elements, according to
ECS8 prescriptions, as follows:

1. Height of confined boundary elements ()
hee = max[ly, b, /6] (5.16)
[, —length of wall section (largest dimension)

b, — total height of the wall above the foundation or top basement floor
but 4., need not be greater than

21,
by <4 [hy  for n <6 storeys (5.17)
2h, for n>7 storeys

h, - clear storey height

2. Length of confined boundary element: The confined boundary element must
extend throughout the zone of the section where the axial strain exceeds the code
limit for unconfined concrete €., = 0.0035. Therefore, for rectangular sections, it
must extend at least to a distance from the hoop centreline on the compressive

side of
xu(l — €2 /scuZ,c) (5.18)

x, — depth of compressive zone
€., .—maximum strain of confined concrete

cul,c
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The values of x, and €., . can be evaluated as follows:

e
X, = (Vg + @) lv;?f (5.19)
ez = 0.0035+0.10(,q (5.20)
o, = (Ay/he bo)fyalfea (5.21)

where b_ is the width of web, b, is the width of confined boundary element (measured
to centrelines of hoops), /. is the largest dimension of the web, and A, is the amount
of vertical web reinforcement.

The value of ouw,,4 can be evaluated as follows:

0Wywd = 30e(Vg + 0y) Egy g % -0.035 (5.22)
0

in which p, is the local curvature ductility factor, evaluated by Equation 5.5 or 5.6,
with the basic value of the g factor g, replaced by the product of g, times the maxi-
mum value of the ratio My,/My, at the base of the wall.

Regardless of the above, EC8 specifies that the length of boundary elements should
not be smaller than 0.15/, or 1.5b,,, with b, being the width of the wall.

3. Amount of confinement reinforcement.

This is calculated from the mechanical volumetric ratio of confinement reinforce-

ment ®,4, evaluated according to Equation 5.22. The minimum value of o 4= 0.08.

Sections with barbells, flanges or sections, consisting of several intersecting rectangular
segments, can be treated as rectangular sections with the width of the barbell or flange
provided that all the compressive zone is within the barbell or flange. If the depth of the
compressive zone exceeds the depth of the barbell or flange the designer may: (1) increase the
depth of the barbell or flange in order that all the zone under compression is within the bar-
bell or flange, (2) if the width of the barbell or flange is not much higher than the width of
the web, design the section as rectangular with the width of the web and confine the entire
barbell or flange similarly to the web or (3) verify if the available curvature ductility exceeds
the curvature ductility demand by non-linear analysis of the section, including the effect of
confinement, after full detailing of the section.

In cases of three-dimensional elements consisting of several intersecting rectangular wall
segments, parts of the section that act as the web for bending moments about one axis may
act as flanges for the bending moment acting on an orthogonal axis. Therefore, it is possible
that in some of these cases the entire cross-section may need to be designed for ductility as
boundary elements.

General detailing rules regarding the diameter, spacing and anchorage of hoops and ties
for wall boundary elements designed for ductility according to EC8 are the same as for col-
umns. The maximum distance between longitudinal bars is also 200 mm.

5.8 DESIGN FOR DCH

The rules for DCH structures build upon those for DCM and, in certain instances, introduce
additional or more onerous design checks. These are briefly introduced below. Additionally,
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the option of large lightly reinforced walls is removed, this type of system not being consid-
ered suitable for DCH performance.

5.8.1 Material and geometrical restrictions

The major differences from DCM are

Concrete must be Class C20/25 or above.

Only Class C reinforcement must be used.

The potential over-strength of reinforcement is limited by requiring the upper charac-
teristic (95% fractile) value of the yield strength to be no more than 25% higher than
the nominal value.

Additional limitations on the arrangement of ductile walls and minimum dimensions
of beams and columns.

5.8.2 Derivation of actions

The capacity design approach used in DCM structures is reinforced as follows:

Over-strength factors are increased to 1.2 on beams, 1.3 on columns and 1.2 on beam/
column joints.

An additional requirement for calculating the shear demand on beam/column joints is
introduced in Clause 5.5.2.3.

The shear demand on ductile walls is generally greater, the enhancement of the shear
forces output from the analysis increasing from a constant factor of 1.5 to a factor of
between 1.5 and g, determined from Equation 5.25 of EC8 Part 1. An over-strength
factor of 1.2 is introduced for this purpose.

Additional requirements are introduced for calculating the shear demand on squat
walls.

5.8.3 Resistances and detailing

The main changes and additions are as follows:

The assumed strut inclination in checking the shear capacity of beams to Eurocode 2
is limited to 45° and additional shear checks are introduced when almost full reversal
of shear loading can occur.

The maximum permissible normalised axial force is reduced from 0.65 to 0.55 in col-
umns and from 0.4 to 0.35 in walls.

Wall boundary elements need to be designed for ductility according to EC8, regardless
of the level of the normalised axial force.

The length (I.,) of the critical regions of beams, columns and walls is increased and the
spacing of confinement reinforcement reduced.

Confinement requirements are extended to a length of 1.5 [, for columns in the bot-
tom two storeys of buildings.

The minimum value of @, in the critical region at the base of columns and in the
boundary elements of ductile walls is increased from 0.08 to 0.12.

The maximum distance between column and wall longitudinal bars restrained by
transverse hoops or ties is reduced from 200 to 150 mm.
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* More comprehensive and complex checks for the shear resistance and confinement
requirements at beam/column joints are introduced.

¢ Much more stringent checks on the resistance to shear by diagonal tension and diago-
nal compression are introduced, namely the limitation of the strut inclination to 45°
and the reduction of the resistance to diagonal compression of the web in the critical
region to 40% of the resistance outside the critical region. A different verification is
also introduced on the resistance against shear failure by diagonal tension in walls
with shear ratio o= Myy/(Viy [,) below 2. The need for verification against sliding
shear is also introduced.

¢ Special provisions for short coupling beams (1/h < 3) are included effectively compris-
ing confined diagonal reinforcement cages as proposed by Park and Paulay (1974).

5.9 CONCRETE DESIGN EXAMPLE: WALL EQUIVALENT DUAL
STRUCTURE

5.9.1 Introduction

The concrete design example is based on a dual frame solution for the eight-storey hotel
introduced in earlier chapters. For clarity, the example only considers the critical transverse
direction with primary frames at 8 m spacing. The frames on GLs 1, 7, 9 and 15 incorporate
structural walls whereas those on GLs 3, 5, 11 and 13 are moment frames.

In a typical frame, transverse beams support masonry cross-walls between GLs B & C
and D & E, primary beams fulfilling this function on odd gridlines and secondary beams
on even gridlines. The masonry walls are effectively isolated from the frames so as not to
stiffen the primary structural system.

At all levels in the moment frames, primary columns are situated on gridlines B, C, D and
E, whilst at Level 1 additional primary columns are located on GLs A and F.

Longitudinal beams are also continuous along these gridlines, the beams on GLs B and
E supporting the external cavity wall, those on GLs C and D supporting internal corridor
walls and those on GLs A and B supporting the external glazing.

The structure has been analysed for both gravity loads and seismic Equivalent lateral
force loading derived as in Chapter 3 but with an additional allowance for the mass of the
concrete frame.

The primary members are as follows:

Slabs 150 mm thick

Frames including structural walls: Walls 2 No — 3,500 mm x 350 mm, with the outer
edge on GL B and E respectively.

Primary Beams 450 mm x 600 mm
Columns 600 mm square (upper four storeys)
750 mm square (lower four storeys)

Moment Frames:

Primary Beams 450 mm X 750 mm
Columns 600 mm square (upper four storeys)
750 mm square (lower four storeys)
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Secondary transverse beams on intermediate 350 mm x 500 mm
frames

Longitudinal beams 350 mm x 600 mm

All reinforcement is Class C with characteristic yield strength of 500 N/mm? and concrete
is Class C30/37.

Cover to main bars is 45 mm in beams, columns and walls and 30 mm in slabs.

The slabs span longitudinally between the main transverse frames and secondary beams
on the intermediate grid-lines. They have been designed for the dominant gravity load con-
dition and the longitudinal reinforcement comprises ®12-300 T&B (754 mm?2/m).

For the purposes of the example, the structure can be assumed to be braced in the longi-
tudinal direction and is to be designed and detailed for ductility class DCM. Sample checks
are carried out on a structural wall and on typical frame members and are intended to illus-
trate the requirements for design and detailing of critical regions. It should be noted that
references to Equations and Clauses all refer to EC8 Part 1 unless noted otherwise.

A dual system has been chosen in order to illustrate key aspects of the code for both
frame and wall elements. Hence, compromises have been made to the member sizes to
remain within the limitations for the proportion of total base shear carried by the frame
and wall members. In particular, to reduce structural displacements for the damage limita-
tion requirement, a wall equivalent dual system is provided but this has the potential disad-
vantage of increasing the level of acceleration applied to the stiffer structure. Thus, in the
initial design, the spectral acceleration is derived based on a C, coefficient of 0.05 (from EC8
Clause 4.3.3.2.2(3) for structures other than moment resistant space frames or eccentrically
braced steel frames) as in Chapter 3. This results in a conservative estimate of the inertial
loads for the relatively flexible dual structure and a comparison with an approach based
on modal response spectrum analysis, which results in significantly lower inertial loads, is
given later to justify the performance in the damage limitation case.

5.9.2 Layout
See Figure 5.14.

5.9.3 Evaluation of the g factor

q = ok
According to Table 5.1 of ECS,

DCM + dual system = ¢, = 3.00, /01,

The ratio o, /0, depends on the classification of the structure. For multi-storey, multi-bay
wall equivalent dual structures, and unless a more accurate value is obtained by pushover
analysis, EC8 allows the assumption that o /o, = 1.2

go=3%x12=36
ky =1+ hy,/l,)3<1

ky, =(1+28.8/3.5)/3=3.06
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Figure 5.14 Structural layout.

Therefore: k, =1

g=36x10=3.6

The lateral loads imposed on the structure are based on those derived in Chapter 3 for
structures other than moment frames. Thus, the spectral acceleration derived from the
empirical period calculation is 2.32 m/s? as per Chapter 3 but the masses to which it is
applied are increased to reflect the frame weight. Hence, the applied lateral loads at each
level are as listed below. It will be shown in Section 5.9.6.8 that use of modal response spec-
trum analysis to calculate the structural frequencies results in significantly reduced inertial
forces but the more conservative equivalent lateral force approach is retained initially for the
preliminary design.

Level 8 3,448 kN
Level 7 4,592 kN
Level 6 3,952 kN
Level 5 3,328 kN
Level 4 2,720 kN
Level 3 2,112 kN
Level 2 1,456 kN

Level | 1,384 kN
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5.9.3.1 Part of the total base shear taken by the walls

Viewat = 22,992 kN
Virames = 8,218 kN
Vigalls = 14,774 kKN
Voar 14,774
View 22,992

=0.6420.5<0.65

Based on the above the structure is classified as a wall equivalent dual structure.

5.9.3.2 Verification of P-3 effects and inter-storey drifts

The stability index, 0, needs to be checked to see if P-8 effects can be ignored or covered by
an approximate method. [Clause 4.4.2.2 (2)]

_ Py xd,

0=
Vit X b

(4.4.2.2(2), Equation 4.28)

This should be based on the displacements of the structure that have been output from an
analysis based on a stiffness of 0.5* E* I, [Clause 4.3.1 (7)]

E for grade C30/37 concrete = 33 x 10° kN/m*

[EC2 Table 3.1]

Table 5.2 shows the values necessary to verify EC8 rules for P-8 effects and inter-storey drifts.

The adequacy to meet the Damage Limitation case is addressed later.

Table 5.2 Horizontal displacements and inter-storey drift sensitivity coefficient

Level d,(mm) d.(mm) d(mm) d. *v P, Vot h(mm) 0

8 149 - - - - -

7 130 19 68.4 342 12,660 3,448 3,500 0.072

6 110 20 72 36 25,482 8,040 3,500 0.065

5 88 22 79.2 39.6 38,304 11,992 3,500 0.072

4 65 23 82.8 4] .4 51,126 15,320 3,500 0.079

3 44 21 75.6 37.8 64,317 18,040 3,500 0.077

2 24 20 72 36 77,508 20,152 3,500 0.079

| 9 15 54 27 90,699 21,608 3,500 0.065
0 9 324 16.2 1,13,690 22,992 4,300 0.037

d, — average horizontal displacement from analysis (based on the design response spectrum) in the transverse
direction at each floor level.

d,. — relative displacement between storeys based on the design response spectrum.
d. = q4 * d,— relative displacement between storeys accounting for the ductility-modified spectrum.

v — reduction factor that accounts for the lower return period of the seismic action associated with the

damage limitation requirement.
— total gravity load at and above the storey considered at the seismic design situation.
— total seismic storey shear.

P

tot

v,

tot

As 0,,,, =0.079 < 0.1= no need to increase action-effects to cater for P-§ effects.
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5.9.4 Design of wall elements
5.9.4.1 Allowance for torsion

In the preliminary design, it was decided to increase the action effects on the stiff wall ele-
ments using the simplified conservative allowance for torsion given in Section 4.3.3.2.4 of
the code. Because the structure contains stiff perimeter elements that provide good resistance
to torsional effects and would thus reduce the likelihood of significant torsional response,
no increase is applied to the frame elements at this stage. It would be expected that the final
actions taking full account of torsion introduced through accidental eccentricity would be
derived in the final design using the more rigorous approach of Section 4.3.2 and that this
would confirm the assumptions of the preliminary design.

8:1+0.6% (Equation 4.12)
For GLs 7 and 9 For GLs | and 15
x=I1x4=4 x=7x4=28
L=14x4=56
8=I+0.6><i=I.04 5:I+0.6><§:I.3
56 56

Increase forces output from the analysis by a factor of 1.3 to account for torsional effects
on GL 1 and 15, and by 1.04 on GL 7 and 9.

5.9.4.2 Design of the wall base section
5.9.4.2.1 Action-effects

Axial force at the base of the wall due to vertical actions (G + 0.3Q). These were evaluated
using the area of influence of the wall (Figure 5.15).

d=3.5+8.5-3.5/2=6.0m
A =6.0x8 =48 m>
A, =5x8=40m?
Acower = Averrace = 56 x20=1,120 m*

General loading (from Chapter 3)

Tower Section G, = 5,152 + 7 = 8,862 = 67,186 kN
Terrace Section G, = 5,482 kN

Tower Section 0.3Q, =672+ 7 * 834 =6,510 kN
Terrace Section 0.30, =2,178 — 834 =1,344 kN

GL 1 and 15 (half-bay tributary area)

24 | (5.482)x 20

ol 5

N(GK) = (67,186)x | ;= 1440 +98 = 1,538 kN
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Figure 5.15 Area of influence of the walls.

N(Gk+0.30k) = (67,186 + 6,510) x

3

Allowance for weight of frame

24

5 +(5,482+1,344)

20

3

Wall + transverse beams + longitudinal beams = 1,068 kN

GL 7 and 9 (full-bay tributary area)

0" 1,579+122 =1,701 kN

N(GH) = (67,186) x 5 4 (5.482)x 10 _ 78794196 = 3,075kN
1,120 1,120
48 40
N(Gi+0.301) = (67,186 +6,510) |- +(5,482+1,344)x =~ =3,158+244 = 3,402 kN

Allowance for weight of frame

Wall + transverse beams + longitudinal beams = 1,288 kN

GL 7 and 9

N(Gi ) ol = 3,075+1,288 = 4,363 kN

N(Gy +0.3Qu)wm = 3,402 +1,288
= 4,690 kN

GL I and 15

N(Gi ) ol = 1,538 +1,068 = 2,606 kN

N(G +0.3Qu)ww =1,701+1,068

=2,769 kN

Action-effects due to the seismic action (from analysis)

M=+19,793kN m
V =+1,847 kN
N =+1217 kN

To obtain the design action-effects due to the seismic action, the above values must be
multiplied by £=1.3 on GL 1 and 15 and 1.04 on GL 7 and 9.
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GL7and 9 GL | and 15

Meq =19,793 x1.04 = 20,585 kN-m Meq =19,793x1.3=25731kN-m
Veg = 1,847 x1.04 = 1921 kN Ves = 1,847 x1.3 = 2,401 kN

Nes =1217 x1.04 = 1,266 kN Nes =1217 x1.3=1582 kN

Wall design — base section:
Mgg = Mgy, + b x N
Ed — Ed1 30 Ed

% = % =0.117 m is the maximum eccentricity according to EC2 clause 6.1 (4)P

Maximum axial force:

GL 7 and 9 GL I and 15

Nes = 4,690 +1,266 = 5,956 kN Nes = 2,769 +1,582 = 4351 kN

Meg =20,585+0.117 % 5,956 Meg =25,731+0.117 x 4,351
=21282kN-m =26,240 kN -m

Minimum axial force:

GL 7 and 9 GL I and I5

Neg = 4,363 1,266 = 3,097 kN Neg = 2,606 1,582 = 1,024 kN

Mey =20,585+0.117 x 3,097 Mgy =25731+0.117 x1,024
=20,947 kN-m =25851kN-m

The proportion of live load to be included in the gravity load component in the seismic
combination is an area that is open to judgement by the designer based on the use of the
building, the make-up of the live load and the potential consequences of failure. In this case,
the minimum vertical load calculated above includes no live load in the gravity component
although the lateral loads are based on 30% of the characteristic live load being present.
The rationale for this is that whilst 30% of the live load may be present globally, this will
not be distributed evenly around the floor slab and the tributary load local to individual ele-
ments may have more or less live load than this. The full characteristic live load is unlikely
to be present during an earthquake whereas it is feasible that certain parts of the structure
may be empty. Since it is the minimum axial load that tends to govern wall reinforcement
design, this conservative approach has been adopted in deriving the minimum loads but the
maximum loads have been based on only 30% of the characteristic live load consistent with
the global horizontal loads.

5.9.4.3 Flexural design

e Use design charts or design programme
* Assume symmetric reinforcement d,/d = 0.1 (d, being the distance from the centre of
tensile reinforcement to the edge of wall section)
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¢ Steel constitutive relationship with a horizontal top branch (EC2 3.2.7(2))
e Use partial factors for the persistent and transient design situations. [Clause 5.2.4(2)]

Yo =115 vy.=15

Check normalised axial load for N,,,:

N 5956x10°
bhf.s 350x3,500%20

v

Uméx
structures.

Uméx

ing to EC8 (5.4.3.4.2(12))

=0.243

(5.4.3.4.1(2))

< 0.4 = the design axial force does not exceed the maximum limit for DCM

< 0.2 = itis necessary to design the boundary elements explicitly for ductility accord-

Situation with N,,,.: Design using concrete centre charts (from http://www.concretecentre.

com/):

Note: These are based on characteristic concrete strength f, rather than design strength f,.

GL 7 and 9 GL I and 15
3 3
N _ 5,956 x10 ~0.162 N _ 435110 ~0.118
bhf« 350 3,500 % 30 bhf«  350x 3,500 x 30
6 6
/ZV| _ 21,282 x |20 —0.165 /2V| _ 26,240 X!O = 0204
bh*fy.  350%3,500° x 30 bh*fy.  350x 3,500 x 30
Situation with N, :
GL 7 and 9 GL I and I5
3 3
N _ 3,097 x10 - 0,084 N _ 1,024 <10 - 0,028
bhf 350 3,500 x 30 bhfy,  350x%3,500x 30
6 6
/2V| _ 20,947 Xlo ~0.163 /ZV| _ 25,85|><|20 —~ 0201
bh*fy.  350x3,500° x 30 bh“fy.  350x3,500° x 30
AS,totfyk =058
bhfa

Ag = total area of flexural reinforcement in the boundary elements of the wall section

Asio =bh ]]:Ck 0.58 = 350><3,500><%><0.58 =42,630 mm”* = 2x21,315 mm*

yk

Before detailing the number and diameter of the flexural reinforcement bars, the length of
the boundary elements will be evaluated. This is because the flexural reinforcement on the
boundary elements cannot be distributed arbitrarily. Even though it is convenient to concen-
trate it near the extremities, in practice, it is necessary to spread part of it along the faces of


http://www.concretecentre.com/
http://www.concretecentre.com/
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the boundary element because the minimum diameter of longitudinal bars is related to the
spacing of the confinement reinforcement (hoops and ties) according to clauses 5.4.3.4.2(9)
and 5.4.3.2.2(11), and because the spacing of flexural steel bars and of confinement rein-
forcement is relevant for the evaluation of the effectiveness of confinement, according to
Equations 5.16a and 5.17a.

Minimum length of the boundary elements:

0.15/,=0.15%x3.5=0.525m (5.4.3.4.2(6))

where [, — length of wall cross-section.

1.5b, =1.5%x0.35=0.525m (5.4.3.4.2(6))

where b,, — width of wall cross-section.
The length of the boundary elements (h,) may be evaluated as follows:

h() =Xy X (1 ~ e J

€cu,c (5.4.3.4.2(6)
€2 =0.0035 (5.4.3.4.2(6))
8cu2,c =0.0035+ 0~1ao\)wd (5.4.3.4.2(6))

1,b. .
X, = (Vg + @) b (5.4.3.4.2(5)a, Equation 5.21)

0

b, .

Oy = 30e(Vg + 0y )€ -0.035 (Equation 5.20)

sy,d bf
0

b, — minimum dimension of concrete core, measured to centreline of the hoops
x, — depth of the compressive zone
€., — Maximum strain of unconfined concrete
€c42.c — Maximum strain of confined concrete
o — confinement effectiveness factor
Veonfreint  fyd.

®,4 — mechanical ratio of confinement reinforcement ®,4 =
Vconcrctccore fcd

Assuming a concrete cover of 45 mm to the main flexural reinforcement and ¢ = 10 mm
hoops

by =350-2%x45+10=270 mm
b, =350 mm

p, — A, /A, ratio of vertical web reinforcement
Minimum amount of vertical web reinforcement (EC2, 9.6.2(1))
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Aqymin = 0.002A. =0.002 x 350x1,000 = 700 mm*/m = 2 legs T10 at 200 mm

spacing = 785 mm*/m
Wo=2g90-1 (T'>Tc)
Wy =2x3.6—1=6.2 (assuming that Mpyq = Mgy) (Equation 5.4) and

[Clause 5.4.3.4.2(2)]

eya= - 0002175
472,00,000

®, — mechanical ratio of vertical web reinforcement:

faw o 785 435 49
fa  350x1,000 20

(ON :pv

0Wg =30x6.2%x(0.243+0.049) x 0.002175%—0.035 =0.118

€2, =0.0035+0.1x0.118=0.0153

3,500 350

x, =(0.243+0.049)
270

=1,325 mm

Length of boundary elements:

hy =1,325x(1-0.0035/0.0153) = 1,022 mm

Knowing the amount of flexural reinforcement and the length of the boundary elements,
it is possible to make a first detail of the boundary elements. Figure 5.16 shows a possible
solution:

lao=7x80+5x85+&+£+9+§=1,024mm
2 2 2 2

In the evaluation of the dimension of the boundary elements, it was assumed the diameter
of the stirrups and hoops is ¢ = 10 mm.

The proposed detail of the boundary elements meets EC8 and EC2 requirements.
According to clause 5.3.4.3.2(9) of ECS, it is only necessary that ‘every other longitudinal
bar is engaged by a hoop or cross-tie’ and according to clause 5.4.3.2.2(11) ‘the distance
between consecutive longitudinal bars engaged by hoops and cross-ties does not exceed
200 mm’. EC2 states that ‘No bar within a compressive zone should be further than 150 mm
from a restrained bar’ (clause 9.5.3(6)). However, it should be noted that there are several
options to meet EC2 and EC8 requirements for the design of the boundary elements, as will
be discussed at a later stage.
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Figure 5.16 Possible detailing of wall boundary elements.
Minimum concrete cover to main vertical reinforcement (EC2, 8.1(2))
Coom = Cimin + ACdey (EC2, Equation 4.1)
Cmin = 0 =32 mm
Acgey =10 mm

Cnom =42 mm < 45 mm

Minimum distance between flexural bars (EC2, 8.2(2)):

k0 =1%x32 =32 mm
Max. of {d, +k, =25+ 5 =30 mm

20 mm
d, = maximum aggregate size
5.9.4.4 Shear design

Shear failure associated with compressive failure of diagonal struts:

_ acwbwzvlfcd

VRdmax = (EC2, Equation 6.9)
cotg0+1g06

o, = 1 for non pre-stressed structures

b, =0.35m
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2=0.9d=0.9%(0.9%x3.5)=2.835m d=0.9%x3.5

v =0.6 X% 1—fc—k =0.6 % 1—£ =0.528 (EC2, Equation 6.6N)
250 250

According to clause 6.2.3(2) of EC2, the limiting values for use in each country can be
found in the respective National Annex of EC2. The limiting values recommended in EC2
are 1 <cot gf<2.5.

cotgf=2.5 1g6=0.4

~ 1x350x2,835%0.528x20

VRd,max = =36,13,158 N = 3,613 kN
’ 2.5+04

cotgf=1 1g6=1

Vit = 1x350x2,?§13f;<0.528x20 — 52.39,080 N = 5.239 kN

The design value of the shear force must be obtained multiplying the shear force obtained
from the global structural analysis by the magnification factor referred to in 5.7.2, as follows:

Veg =1.5%2,401 = 3,602 kN (5.4.2.4(7))

If Vig > Vramax (associated with the cot g6 =2,5) it would be necessary to adopt a lower
value of cot g0 until V4 < Vi, ... This would obviously lead to a larger amount of stirrups,
according to Equation 6.8.

Shear resistance associated with failure in shear by diagonal tension

Vras = éZ'fywd -cot g0 (EC2, Equation 6.8)
s

(Equation 6.8 allows the evaluation of the amount of stirrups)

According to Equation 6.8 of EC2, the higher the value of cot g6(0 — inclination of diago-
nal compressive struts) the lower is the necessary amount of stirrups.

Evaluate the amount of stirrups (assume cot g6 =2.5 and apply Equation. 6.8 of EC2)

3
A = Via = 3,602 x10 =1.17 mm*/mm = 1,170 mm?*/m
s 2Z-fua-cotgd 2,835x435x2.5

= 2 legs @10 at 125 mm spacing (1,256 mm?/m)
Verification of minimum wall horizontal reinforcement

0.25 X Ay min = 0.25x 785 =197 mm*/m
00,0014, = 0.001x 350 x 1,000 = 350 mm>/m
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The above design represents the most economic design that respects the limits for cot
g0 recommended by EC8. However the shear capacity of RC members depends on factors
that are not explicitly accounted for in Equation 6.8, namely the level of axial force and
the formation and development of plastic hinges. It may be considered that in some situa-
tions, Equation 6.8 does not provide enough protection against shear failure. Considering
the potentially catastrophic consequences of brittle shear failure of RC walls, if designers
want to adopt a more conservative approach in shear wall design the following suggestion is
offered: in the zones outside the plastic hinge adopt 8 > 30°, and in the plastic hinge adopt
0 > 38° if the design axial force is compressive and 8 = 45° if the design axial force is tensile.
This is less stringent that what is required for DCH structures but it reduces the gap between
DCM and DCH requirements for shear design. This gap may be considered excessive in
particular for RC walls, as these elements are more prone to shear failure than beams and
columns.

If this suggestion had been adopted, and since the design axial force is always compres-
sive, the necessary amount of shear reinforcement would be

3
A 3602x10 =2.282 mm*/mm = 2,282 mm?/m
s 2,835x435xcotg38

(e.g. 2 legs of ®16@175 or ®12@100)

5.9.4.5 Detailing for local ductility

The height of the plastic hinge above the base of the wall for the purpose of providing con-
finement reinforcement

b, = max|ly, b, /6] (Equation 5.19a)

b, = max[3.5,28.8/6]=4.8 m

{hchZ-lW:2x3.5=7m
b, <7 m

he<2-bhy=2%x4.3=8.6m
h,=4.8m

Evaluation of confinement reinforcement in the boundary elements.
According to Equation 5.20

Ol Wiyd >0.118

oL = OL,0L

o, =1- Zbﬁ/(e “bohy)
i (Equation 5.16a)

o = (l ) ~st ) X(l =3 -ShoJ (Equation 5.17a)
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All distances (b,,b,,h,,s) are measured to centrelines of hoops or flexural reinforce-
ment. The values b; are based on the detail of the edge members and represent the dis-
tance between consecutive engaged bars. The reason for this is that confining stresses are
transferred from the steel cage to the concrete essentially at the intersection of flexural
engaged bars with the hoops and cross-ties that engage them. These are the points at
which the outward movement of the steel cage is strongly restricted. The points where
the flexural reinforcement is only connected to sides of rectangular hoops, as shown in
Figure 5.17, are restricted against outward movement in a much less efficient manner.
This is because rectangular hoops work efficiently under tension and not under flexure
and therefore restrict the outward deformation of flexural bars and transfer confining
stresses to concrete essentially at the corners and not along straight sides, as illustrated
in Figure 5.18.

Since with straight hoops confinement stresses are transferred to the concrete at discrete
locations (with circular or spiral hoops the distribution of confinement stresses takes place
continuously along the length of the hoops) in between those locations, the effect of con-
finement is felt essentially by arch action. This effect takes place both on the vertical and
horizontal planes, leading to a reduction of the zone effectively confined between hoops
layers, as shown in Figure 5.17.

Flexural bars not restrained Unconfined concrete
against lateral displacements “ (

Concrete effectively confined —

Horizontal section

/1/

Concrete effectively confined

A Unconfined concrete

Flexural bars

¢

Vertical section

Figure 5.17 Effect of confinement between layers by arch action.
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Figure 5.18 Efficiency of rectangular hoops.

The reduction of the zone effectively confined, away from the points in which most of the
confining stresses are transferred to the concrete, is considered by means of the confinement
effectiveness factor, o, which corresponds to the ratio of the smallest area effectively con-
fined by the area of the concrete core, of rectangular shape with dimensions b, X b, in this
case. Therefore the factor o is evaluated as o = 0, - 0, in which the term o, accounts for the
loss of confined area due to arch action in the vertical plane and o, for the loss of confined
area due to arch action in the horizontal plane. Therefore, both the spacing between flexural
engaged bars, as well as the vertical spacing between hoop layers, are critical parameters
for the effectiveness of the confinement. For this reason, both these spacings must be kept
below the smallest dimension of the confined concrete core. In the case of circular hoops or
spirals, arch action only takes place in the vertical plane, therefore o, =1 and the spacing
between flexural bars is irrelevant.

The longitudinal bars pointed out with arrows at Figure 5.17 are not considered for the
evaluation of the effectiveness of confinement, as they are not engaged by hoops or cross-ties
(5.4.3.2.2(8)). This led to values of b,= 160 mm being adopted instead of pairs of values of
b;=80 mm. According to Figure 5.16 the value of o, must be evaluated as follows:

[2 % (80% +160% +80* + 160> + 802 + 170 + 852 + 170%) + 3 x 76%]
(6x270%1,024)

=0.826

o, =1-

According to Equation 5.18, hoop spacing should not exceed any of the following values:

s= min(?; 175; SdBL) (Equation 5.18)

by =270 mm (width of confined boundary element)

d,;— diameter of flexural reinforcement
s= min(zzo; 175; 8 20) =135 mm

In order to match the stirrup spacing, s =0.125 m can be adopted. Note that with the
adopted hoop spacing of 125 mm, the minimum diameter of the longitudinal flexural bars
within the boundary elements would be 16 mm. If a spacing of 150 mm had been adopted,
the minimum diameter of the longitudinal bars would be 20 mm. The need to minimise the
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spacing of the longitudinal bars as far as practicable, coupled with the need to avoid longitu-
dinal bars with small diameters in the boundary elements, forces the spread of a reasonable
amount of flexural reinforcement along the faces of the boundary elements, as previously
mentioned.

Assuming s =0.125 m initially

o, =|1- 125 X 1—i =0.72
2x%x270 2x1,024

0 =0.826x0.72=0.59

O Wy =0.118 = 0.59 xw,g =0.118
Wya =0.20

Wyd = Wiyd,min = 0.08 (5.4.3.2.2(9))

Evaluation of o4 for the adopted detail of the boundary elements.
Length of confining hoops:

Exterior hoops =270+ 2 x 1,024 = 2,318 mm

Interior hoops =2x(2x80+32+10)+(2%x85+32+10)+(2x85+28.5+10)+7
x270+76+2x \/(76 +32+10/2)* +(80+32/2/+10/2)* = 3,094 mm

Exterior hoops (= stirrups, which also contribute to confine the concrete) ¢ = 10 mm
Assuming inner hoops ¢ = 10 mm
Volume of hoops/m

! X (2,318 +3,094) x 78.54 = 33,98,736 mm*/m

V:
0

33,98,736 435 _ 0267

Wy =
1,024 x270x 1,000 20

If the diameter of the inner hoops is reduced to ¢;= 8 mm

V= ﬁ(ZﬁlS X 78.5+ 3,094 x 50) = 26,93,304mm*/m
Wyd = 0.21

Adopt exterior hoops (stirrups from one edge of the wall section to the other) 2 legs ®10
at 125 mm spacing.

Adopt inner hoops (according to the detail of the boundary elements) ®8 at 125 mm
spacing.
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5.9.4.6 Improvements to the detail of the boundary elements

Designers will generally have several options for the design of walls’ boundary elements.
In this section, some possible improvements of the detail of the boundary elements are
analysed.

5.9.4.6.1 Hoops and cross-ties

It was noted previously that flexural bars such as the ones pointed out in Figure 5.17 are
not engaged and are inefficient from the point of view of confinement. Besides improving
the effectiveness of confinement, engaging these bars with corner hoops or cross ties would
provide additional restraint against buckling of those flexural bars.

Therefore, the detailing of the boundary elements can be improved by additional hoops
or cross ties that engage the eight flexural bars not engaged in the detail of Figure 5.16 to
increase the efficiency of the confinement and give additional restraint against buckling
of these bars. One simple way of doing this would be by adding cross ties, as shown in
Figure 5.19.

With this detail the value of factor o, (Equation 5.16a) would be as follows:

0 =1—(2x7 x80% +3x76% +2x Sx852)/(6 % 270 x 1,024) = 0.89

This represents an increase of around 8% in the efficiency of confinement.

The layout of the inner stirrups is also less efficient than it could be. Figure 5.20 shows
that the concrete between the inner hoops is less confined than the concrete within these
hoops: the expansion of the concrete within the inner hoops is restricted in the direction of
the largest dimension of the wall cross-section by the stirrups (2T10) and the inner hoops
(2T8), while the expansion of the concrete between the inner hoops in the same direction
is restricted only by the stirrups. This is not consistent with the underlying EC8 design
philosophy for the provision of confinement. Note that the boundary elements are analysed
as integral units since the amount of confinement reinforcement is evaluated for the whole
boundary element (by means of a single value of ®,4) and not parts of it.

Even though EC8 does not account for situations with different levels of confinement
within the edge members of the walls, the relative importance of the above situation
decreases if the zone with less confinement is closer to the neutral axis, as the strain demand
on the concrete is less than near the section extremity. Anyway the inconvenience of having

L LU

kAo A

Figure 5.19 Detail of boundary element with all flexural bars engaged by hoops or cross-ties.
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2 No. 10 @ and — Less confined zone
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N2 No.100 N
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Neutral axis

Figure 5.20 Zones with different confinement within the wall edge member.

Figure 5.21 Detail of boundary element with overlapping hoops.

zones with different levels of confinement near the extremity of the wall can be avoided by
overlapping the inner hoops, as shown in Figure 5.21.

This last detail is equivalent to having four hoops instead of two in the largest dimension
of the wall cross-section throughout the boundary element, increasing the confining stress
in the weaker zones, shown in Figure 5.20, and thus providing a uniform distribution of the
available strain ductility in the edge member. This is an improvement as compared with the
detail of Figure 5.20, but its relative importance and efficiency will vary from case to case.

In rectangular or elongated sections, the confining stress in two orthogonal directions
may be different, but it is good design practice to make them similar, as the concrete is only
properly confined if it is confined in all directions. This is illustrated in Annex E of EC8-Part
2, according to which in situations with different confining stresses (c,,0,) in orthogonal
directions, an effective confining stress can be evaluated as 6, = /0, -G,. In order that the
orthogonal confining stresses are similar, the ratio of confinement reinforcement should be
similar in both directions. In the case of the details of the boundary elements previously
referred to, these values are as follows:

ASWX
s-b

pswx =

y


http://www.crcnetbase.com/action/showImage?doi=10.1201/9781315368221-6&iName=master.img-006.jpg&w=325&h=111
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Aswy
b,

Pswy =

(%Y

where s — longitudinal spacing of hoops and cross ties.
For detail shown in Figure 5.16:

157

Aux(2T10) =157 mm?  pyy = ————— = 0.00465
125%270
Ayy(1T10+ 8T8) = 481 mm* —L—O 00376
y - P = 105x1,024
For detail shown in Figure 5.19:
Aux(2T10) =157 mm?  py,. = 0.00465
Auy (IT10 +12T8) = 681 mm> = 681 00532
y - Py = 125x1,024
For detail shown in Figure 5.21:
Aox(2T10+2T8) = 258 mm? - 28 0.00764
e - P = 125%270 ~

Awy(1T10+12T8) =681 mm”  p,,, = 0.00532

The overlapping hoops, as shown in Figure 5.22, are clearly a better detail than non-over-
lapping hoops, and the efficiency is higher in the cases in which it increases the smallest con-
fining stress, according to the equation for the effective stress. Therefore the recommended

A

Y — A

SWX

A4

Confined boundary element swy

b

X

Figure 5.22 Confined boundary elements.
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Figure 5.23 Detail with flexural reinforcement closer to the extremity of the section.

detail for the hoops and cross-ties of the boundary elements of the example wall would be
the detail of Figure 5.21.

Flexural reinforcement: The distribution of the flexural reinforcement within the edge
member shown in Figure 5.16 was done with steel bars with diameters 32 and 25 mm dis-
tributed along the periphery of the boundary element. However, this can be optimised by
concentrating the reinforcement closer to the extremity of the wall section, leading to higher
flexural capacity (for the same amount of reinforcement) and higher curvature ductility. This
is due to the fact that the concentration of the flexural reinforcement at section extremities
leads to the reduction of the dimension of the compressive zone, a feature of behaviour not
accounted for in Equation 5.21.

The concentration of the flexural reinforcement closer to the wall extremities can be
achieved for instance by placing some flexural reinforcement in the middle of the boundary
elements, as shown in Figure 5.23.

The inner vertical bars can be maintained in their position during casting by tying them
to the hoops and cross-ties. In order to maintain the spacing between flexural bars, to retain
the effectiveness of confinement, the position of the $32 bars that were moved closer to the
extremity of the section, is taken by smaller flexural bars. In order not to increase the total
amount of steel, four of the $32 bars and the two ¢25 bars were replaced by $20 bars. This
meets the requirement that the maximum spacing of confinement reinforcement should not
be higher than eight times the diameter of flexural bars (according to Equation 5.18). For the
chosen spacing of hoops and cross-ties of 125 mm, the minimum diameter of the flexural
reinforcement is 16 mm.

5.9.5 Design of the wall above the plastic hinge

The design of the wall above the plastic hinge at the base is different from the design of the
plastic hinge in two main features:

1. It is based on the provisions of EC2, since all these zones are supposed to remain in the
elastic range throughout the seismic action. There is no need to provide confinement
reinforcement.

2. In order to ensure that the wall remains elastic above the base hinge considering the
uncertainties in the structure dynamic behaviour, the design bending moments and
shear forces obtained from analysis are magnified.
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From the bending moment diagram (Figure 5.24) obtained from analysis, the following
linear envelope can be established:

The above diagram must be shifted upwards by a distance a,, designated tension shift in
EC8 (5.4.2.4(5)), consistent with the strut inclination adopted in the ULS verification for
shear.

a;=d-cotgf=3,150x2.5=7,875mm=7.875m

The design bending moment diagram (Mg,) in Figure 5.24b is obtained for the design of
the wall above the plastic hinge.

M, =19,793-669.1x(28.8—-7.875)= 5,792 kN-m

The values above are the basic values prior to applying the factor accounting for torsional
effects since these are dependent on location. Both the base and design moments need to
be increased by the appropriate factor before being used in the design (e.g. for GL 7 and 9,
M,,.. =19,793 % 1.04 =20,585 kN - m and M,,, = 5,792 * 1.04 = 6,024 kN - m.

Shear force design diagrams

top

Vwall,top -

M=¥=L801 kN

2

(a) 524

28.8
19,793 Y
M
First bending moment diagram
(b) 5,792 y
20.925
1
669.1
A,
A
7.875
19,793 Y
M

Sd
Second bending moment diagram

Figure 5.24 Bending moment diagrams.
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_ Shear diagram from
analysis
Magnified design
shear diagram

A

288 46

3,601 12,401

7,566 N

Shear diagram (GL 1 and GL 15)

Figure 5.25 Shear force diagrams.

The approach to design of the elastic sections at the higher levels is

® Choose a level at which first curtailment of flexural reinforcement would be appropri-
ate (say at the third floor level in this instance)

¢ Carry out the design for moment and shear as described previously using the values
from Figures 5.24 and 5.25 and the axial load appropriate for the level chosen

¢ There is no requirement to detail boundary elements above the height of the critical
region other than EC2 prescriptions.

5.9.6 Design of frame elements
5.9.6.1 Torsional effects

The forces applied to the shear walls have been increased by a factor 8 to account for acci-
dental eccentricity [Clause 4.3.3.2.4]

6=1+0.6x/L

However, as noted earlier, no increase has been applied to the frame elements in this
preliminary analysis since torsional effects due to accidental eccentricity will tend to be con-
trolled by the stiff perimeter walls and the simplified allowance for accidental eccentricity is
considered to be quite conservative.

As previously, since the inter-storey drift sensitivity coefficient 0 is less than 0.1 at all
levels, no increase is required for P-3 effects.

5.9.6.2 Design forces

The beam flexural design is based on the maximum moments in the lower four storeys. The
remainder of the design then follows from capacity design principles.
From the analysis output summarised in Figure 5.26 and Table 5.3.

Mhogging (max) = 1,241 kN - m (Level 3)
M, gging (Max) = 1,187 kN - m (Level 3)
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Table 5.3 Gravity and seismic combinations — selected analysis output

"
115

Figure 5.26 Shear force diagram for gravity sub-frame analysis (1.0G, + 0.3Q,).

115

(a) Sample applied moments

Applied moment

Combined static and seismic

(kN - m) moment (kN - m)

Element Levelllocation® Static Seismic Hogging Sagging
114 | Outer 191 1482 673 -291
115 | Inner 30 1751 781 =721
118 2 Outer 158 1799 957 —641
19 2 Inner 29 1,069 1,098 —1,040
121 3 Outer 160 1931 1,091 =771
122 3 Inner 26 11,215 1,241 —-1,189
124 4 Outer 158 1925 1,083 -767
125 4 Inner 34 1,015 1,049 -981
127 5 Outer 149 1825 974 -676
128 5 Inner 45 1659 704 -614
(b) Sample axial loads

Combined static and seismic

Axial load (kN) axial load (kN)

Element Level/location® Static Seismic Maximum Minimum
80 | Outer 3,362 +1,303 4,665 2,059
88 I Inner 3,420 +2,558 5,978 862
8l 2 Outer 2,677 *1,265 3,942 1,412
89 2 Inner 2,977 12,164 5,141 813
82 3 Outer 2,266 +1,083 3,349 1,183
90 3 Inner 2,527 +1,638 4,165 889
83 4 Outer 1,855 1870 2,725 985
9l 4 Inner 2,078 1,041 3,119 1,037
84 5 Outer 1,443 1660 2,103 783
92 5 Inner 1,629 1575 2,204 1,054

2 Location ‘Outer’ refers to the beams between GL B and C or D and E; ‘Central’ refers to the span between

GL Cand D.

b Location: ‘Outer’ refers to the columns on GL B and E;‘Inner’ refers to the columns on GL C and D.
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5.9.6.3 Beam design

Initially, treat as rectangular — add flange reinforcement later for capacity design.
Because of the shape of the bending moment diagram in the short span, it is assumed that
no redistribution will take place.

M, (Hogging) =1,241 kN - m

M, (Sagging) = 1,189 kN - m

Design for DCM - bending and shear resistances from EC2 [Clause 5.4.3.1.1(1)]

As the example is aimed at demonstrating the application of the seismic engineering prin-
ciples of EC8, reference is made to design aids where standard design to EC2 is carried

out as part of the verification. The EC2 design aids referenced here are the ‘How to’ sheets
produced by the Concrete Centre and downloadable from http://www.concretecentre.com/.

K = M/bd*fy
z=0.5%d{1+(1-3.53K)"%

5.9.6.3.1 Hogging

Assume two layers of 32 mm diameter bars, 45 mm cover to main reinforcement
d=750-45-32-(32/2)=657 mm
K =1,241x10°/(450 % 657% % 30) = 0.212

No redistribution - K" =0.205
K > K’. Therefore, compression reinforcement is required.

2=0.5%657{1+(1-3.53%0.205)"%}

z=501 mm

Use partial factors for the persistent and transient design situations. [clause 5.2.4(2)]

Yo= 115 vy.= 15
Compression reinforcement
x=2(d-2)=2(657-501)=312 mm

(K = K')fabd*

A= d—d)

fm 700(x — d2) _700312-93) _ 491 N/mm® > fiq
X 312


http://www.concretecentre.com/
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fie = fya = 500/1.15 = 434.8 N/mm”

0.212-0.205)30%450% 657>
434.8(657 —93)

Ay = ( = 166 mm?

Nominal — will be enveloped by reinforcement provided for sagging moment in reverse
cycle.

Tension Reinforcement

_ K'fabd? N Asafsc _0.205%30*% 450%657* 166*434.8

Aq = - + = 5,650 mm*
fydz frd 434.8*501 434.8

Use 7 — @32 (5,628 mm? — 1.9%) plus longitudinal slab reinforcement within effective
width (see later).

Note: It is often recommended in the UK that K’ is limited to 0.168 to ensure a ductile
failure. If the calculation above were to be repeated with this limit applied, the resulting
areas of tension and compression reinforcement would be

Ay =5,540 mm? and A, =1,046 mm?

(i.e. a similar area of tension reinforcement and significantly increased compression rein-
forcement is required. In this case, because of the much larger area of reinforcement pro-
vided in the bottom face to cater for the reverse loading cycle, it has no practical effect on
the solution).

5.9.6.3.2 Sagging

K=1,189 x 10%/(450 * 6572+ 30) = 0.204 < 0.205, therefore, singly reinforced.

z2=0.5*d{1+(1-3.53K)"2}=0.5*657{1 +(1-3.53 *0.204)"2} = 502 mm

A, =1,189 x 10°/502 * 434.8 = 5,447 mm?

7 —®32 (5,628 mm? — 1.9%)

Spacing = (450 — (2 * 45) — 32)/4 =82 mm

Clear space between bars =82 — 32 =50 mm

Minimum clear space between bars = bar diameter OR aggregate size + 5 mm OR 20 mm
OK.

pmin = 0.5 * (fum/fyi) = 0.5 %2.9/500 = 0.0029 (0.29% cf 1.9% provided)

f..,, from EC2 Table 3.1.

5.9.6.4 Derive shear demand from flexural capacity

Internal column connection framed by orthogonal beams
Calculate hogging capacity:

bes = by, + 8% by [Clause 5.4.3.1.1(3)]
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Slab width to be considered =8 x0.15=1.2 m
Slab reinforcement = ®12 — 300 T and B (754 mm?2/m in total)

Ayq =5,628+754%1.2 = 6,533 mm*

A (required) = 5,650 mm? for an applied moment of 1,241 kN.m
Hogging Capacity = 1,241 * 6533/5650 = 1,435 kN.m
Calculate sagging capacity:

A, = 5,628 mm?

A,, (required) = 5,447 mm? for an applied moment of 1,189 kN.m
Sagging Capacity = 1,189 * 5,628/5,447 = 1,229 kN.m

Vid = Yra *[Mg4(top) + Mgq(bottom) ]/l + V,

1. Long Outer Spans
For DCM structures, Ypq= 1.0 in beams
From gravity load analysis V, = 115 kN

l,=85-0.75=7.75
Vig =115+ (1,435+1,229)/7.75 = 459 kN

2. Short central span
From gravity load analysis V, =23 kN

l4=3.0-0.75=2.25

Vea =23+(1,435+1,229)/2.25 =1,207 kN

5.9.6.4.]1 Check shear resistance to EC2 for demand based on flexural capacity

As previously, where standard design to EC2 forms part of the verification, reference is
made to the design aids downloadable from http://www.concretecentre.com/.

1. Outer spans

Vpg = 459%10°/450 %657 =1.55 N/mm?>

Assume Cot 6=2.5
URdmax = 3-64 N/mm? (from ‘How to’ Sheet 4: Beams — Table 7)

Ag/s = Vi /(2% frya # Cot8) = 459 x10°/501 434.8 % 2.5 = 0.84

Assume 8 mm links.


http://www.concretecentre.com/
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:__I_Q_._’

Figure 5.27 Reinforcement arrangement in critical region of beam.

In a critical region, s = min{h,/4 = 188: 24d, ,=192; 225; 8d,,, =256} {Equation 5.13]
Use 175 mm spacing of links

Ay =0.84%175 =147 mm*

Use 4 legs of ®8 (201 mm?) as shown on Figure 5.27
p,, (min) is OK from EC2 Equations 9.4 and 9.5.
2. Short Central Span

Vg = 1207 %¥10°/450 %657 = 4.08 N/mm?* > 3.64

Cot 0 is less than 2.5

0 =0.5%Sin e '[Vgg/0.2f * (1 —fu /250)] [Concrete Centre How to Guide 4 — Beams]
0 =0.5%Sin ¢ '[4.08/0.2 % 30 * (1 - 30/250)] = 25.3°

Coto=2.1

Agls = Vi gl(2 % fywa * Cot0) = 1,207 x 10°/501%434.8%2.1=2.64

Assume links at 150 mm spacing.
A, =2.64%150=396 mm? - Use 4 legs of T12 (452 mm?)

5.9.6.5 Check local ductility demand
Pmax =P +0.0018 % f /(W * Egya * fya) [EC8 Part 1 Equation 5.11]
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Me=2%g-1
Hy=2%3.6-1=6.2
fo.a=30/1.5 =20 N/mm?

€,,a =434.8/200E3 = 0.0022

Area of reinforcement in the compression zone = 5,628 mm?
p’=5,628/450%657 =0.019

Pmax =P +0.001820/(6.2%0.0022 *434.8) = p”+0.006

By inspection, because p only exceeds p” by the nominal slab reinforcement, the expres-
sion is satisfied.
Check maximum diameter of flexural bars according to Equation 5.50a:

Pmax = p, +0.006 =0.025

At level 4, just above the critical node, N,,,.=2,078 kN and N, =+1,041 kN:

static seismic

N = 1,037 kN

3
- 1’03ZX10 0.0
7507 x 20

Equation 5.50a @ < 7'5fctm 1+ O.SUd

he = Yrafya 1+0.75kp (p'/pmax)
According to clause 5.6.2.2.b, for DCM structures:

kD :2/3; Yrd =1.0

dy _ 7.5%x29  1+0.8%0.092
750~ 1.0x434.8 |, 75, 2, 0-0190
37 0.025

= diy. £29.2 mm

Hence, the bond requirements across the column joint are not satisfied by the reinforce-
ment arrangement proposed in the preliminary design, illustrating the difficulty in meeting
the EC8 bond provisions. In the final design, this could be addressed through

* Modification of the reinforcement arrangement (providing 12-25 mm diameter bars
in two layers would satisfy spacing requirements). This would be reduced further (to
only 8 bars) if the reduced inertial loads from the response spectrum analysis are con-
sidered rather than the equivalent lateral force approach (see the later calculations on
the damage limitation requirement).

¢ Increasing the concrete grade to C35/45 (f.,,, would become 3.2 N/mm? which would

result in a permitted bar diameter of 32.2 mm) or

¢ Increasing the column size.
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5.9.6.6 Column design

If the frame was to be designed as a moment frame in both directions,

Clause 5.4.3.2.1 allows the frame to be designed for uniaxial bending about each direc-
tion in turn rather than considering biaxial bending, provided the uniaxial capacity is
reduced by 30% [Clause 5.4.3.2.1].

In this case, the frame is assumed braced in the longitudinal direction. Therefore, no
reduction in capacity is taken.

0.01<p; <0.04 [Clause 5.4.3.2.2 (1)]

Definition of critical regions:

.. = max{h. :1,4/6; 0.45} [EC8 Part 1 — Equation 5.14]

.. = max{0.75; 2.75/6 = 0.46; 0.45)
l.=0.75m

Consider the position of maximum moment at level 3.
In frame structures or frame-equivalent dual structures, it is necessary to design for a
strong column/weak beam mechanism and satisfy EC8 Part 1 Equation 4.29:

ZMRC >1.3 ZMRb [EC8 Part 1 Equation 4.29]

However, since the walls carry more than 50% of the base shear and the structure is
therefore classified as a wall-equivalent dual system, this requirement is waived. Thus, the
designer may design the columns for the moments output from the analysis. Even though
it is implicit within the code that soft storey mechanisms are prevented by the presence
of sufficient stiff walls in wall-equivalent dual systems, their inelastic behaviour is more
uncertain than pure wall or frame systems, as noted by Fardis et al. (2005). To cater for
this, the designer may decide to reduce the probability of extensive plasticity in the columns
by continuing to relate the column moments to the capacities of the beams framing into
them. In this case, the beam capacities need not be increased by the 1.3 factor of Equation
4.29. The output from the analysis shows a maximum value of 1,389 kN - m and a value of
1,465 kN - m is derived from the beam capacities. These values are similar and the calcula-
tions proceed using the higher value derived from the beam capacities.

Assume 45%/55% split between the column sections above and below the joint.

Design lower section.

D My = (1,435+1,229) = 2,664 kN -m
Mo =0.55%2,664 =1,465 kN-m

Axial load from analysis:

Niiatic = 2,527kN  Ngismic = 11,638 kN
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Maximum compression N =2,527 + 1,638 = 4,165 kN
Minimum compression N =2,527 — 1,638 = 889 kN

5.9.6.6.1 Check normalised axial compression

v;<0.65 for DCM [Clause 5.4.3.2.1(3)]

vy = 4,16,510°/750* 750 * (30/1.5) = 0.37 OK

5.9.6.6.2 Check column resistances

Design resistances to EC2 [Clause 5.4.3.2.1(1)]:
From the concrete centre, how to’ sheet 5—columns:

Using design chart for C30/37 concrete and d,/b = 0.1

Assume 32 mm diameter main steel; d, =45 + 32/2 =61 mm

dy/h =61/750 = 0.08 Chart for d,/h = 0.1 is most appropriate.

Maximum compression: N/(b = b = f,) = 4,165 x 103/750 % 750 x 30 =0.25
Minimum compression: N/(b * b = f,,) = 889 x 103/750 x 750 x 30 = 0.05
Flexure: M/(b = h? + f,) = 1,465 x 105/(7503 » 30) = 0.12
Maximum compression: A f, /b s b s f, = 0.2
Minimum compression: A f, /b % b« f, = 0.3

A /b*h=0.3%30/500 = 0.018(1.8% — within prescribed limits)

A, =0.018%750+750 = 10,125 mm?

Use 16 ®32 — (5T32 in EF + 3 in each side) — [12,864 mm?]

Check capacity for maximum compression

Af,  12,864%434.8

= =0.33
bhfs,  750%750%30

For N, .. = 4,165 kN, M/bh2f, =0.18
M, =0.18 « 7503 % 30 + 106=2,278 kN - m

5.9.6.6.3 Check shear: approach as for beams but without lateral load between supports

For a conservative design, the column shear could be based upon the flexural capacity at
maximum compression calculated above. However, EC8 Equation 5.9 allows the column
flexural capacities to be multiplied by the ratio XMy ,/>M; . on the basis that yielding may
develop initially in the beams and hence does not allow the development of the column over-
strength moments.

VE,d = Yrd * (2 MR,b/ z MR,C) * (Mc,top + Mc,bottom)/lcl
For DCM columns, yz4=1.1

l,=3.5-0.75=2.75m
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2,664 1

VE,d =11*m*2*2,278* 2.75

=1,066 kN
d=750-45-32/2=689
vg 4= 1,066 — 10%/689 * 750 = 2.06 N/mm? < 3.64 N/mm?
As previously, Cot 8 =2.5 and f,,,4 = f,/1.15

Agy /s = Ve al(2 % fya * cotB)

z can be taken as 0.9d for a steel couple:

Agls =1,066 x10°/(0.9 689 # 434.8 % 2.5) = 1.58 mm*/mm

Although the structural analysis shows that the flexural demand is lower at the lower

levels, check normalised axial compression at the position of maximum axial load (on GL
C and D at the base).

N, = 3,420 kKN

N, =+2,558 kN

N, =5,978 kN

0y = 5,978 # 103/750 # 750 20 = 0.53 < 0.65

Therefore, the normalised axial compression is satisfactory.

5.9.6.6.4 Detailing

For the critical regions of DCM columns:

Smax = min{by/2; 175; 8dy.) [EC8 Part 1 Equation 5.18]

For columns, take 45 mm cover to the main reinforcement

by=hy=750-2%45+10=670 mm (centre to centre of link)
by /2 =335 mm 8 xdy =8%32=256 mm

Smax = 175 mm
A,,=1.58 %175 =277 mm? (5 legs of T10 — 392 mm?)

Provide 5 legs of T10 hoops/ties at 175 mm spacing within the critical region, 750 mm
from the underside of the beam as shown in Figure 5.28.

Distance between restrained main bars = (750 =2 % 45 — 32)/4 =157 mm < 200 mm OK
[EC8 Part 1 Clause 5.4.3.2.2(11)]

5.9.6.7 Confinement reinforcement

For DCM, confinement reinforcement within a beam/column joint and in the critical regions
at the base of a column must meet the provisions of Clauses 5.4.3.2.2(8) to (11).
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Figure 5.28 Arrangement of column reinforcement.

Clauses 5.4.3.2.2(10) and (11) are satisfied by the detailing requirements outlined above
for all critical regions of the column.
Therefore, the additional requirements of Clauses 5.4.3.2.2(8) and (9) need to be checked.

Ol Oywd = 30U VyEgy g * (b /by) —0.035 [Clause 5.4.3.2.2(8)]
and

®,.q 20.08 [Clause 5.4.3.2.2(9)]

Owg = [(Agx/bo % 5) + (Asvy Tho  8)] 5 (fya/fea) [EC8 Part 1 — Clause 5.4.3.2.2(8)]

oL = 0L, * 0l

o, =1-3(b,)* 16byhy [EC8 Part 1 Equation 5.16a]

o, = (1=s/2by) * (1 —s/2h) [EC8 Part 1 Equation 5.17a]

b() zbo =670 mm

Since the normalised axial compression is greatest at the base of the column, consider the
detailing of this region to check the feasibility of the design.
All main column bars are equally spaced:
b,= (660 —32)/4=157 mm
o,=1—-(16 + 157%)/6 % 670 + 670 =0.85

o = (1-1s/1,340)*1-s/1,340)

For s =100 mm, o, = 0.85
For s=125 mm, o, =0.82
For s =150 mm, o, =0.78
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As before
Wo=2%q—-1=2%3.6-1=6.2
€yd = 434.8/200E3 = 0.0022
vg =0.53
b./by =750/670 = 1.12

30 LapVeEsyd * (b /by) —0.035 = 30%6.2%0.53%0.0022%1.12-0.035 = 0.208

Try hoops/ties at 100 mm spacing: = 0.85 + 0.85=0.72

®,q =0.208/0.72 =0.29 > minimum of 0.08 [ECS8 Part 1 — Clause 5.4.3.2.2(9)]
Wyg = [(Asvx/b() * S) + (Asvy/b() * S)] * (fyd/de)
®,q = [2 % (392/670 * 100)] = 434.8/20 = 0.25 < 0.29 Not sufficient

Consider 12 mm diameter hoops and ties A, = 565 mm?

Oy =[2%(565/670+100)]%434.8/20=0.37>0.29 OK

For beam—column joints, the density of confinement reinforcement may be reduced up the
height of the building as the normalised axial compression reduces.

Also, the internal 600 mm square columns in the upper four storeys have beams of three-
quarters of the column width that frame into them on all four sides. In these cases, the

calculated confinement spacing may be doubled but may not exceed a limit of 150 mm [EC8
Clause 5.4.3.3(2)].

5.9.6.8 Damage limitation case

From Table 5.2, it can be seen that the maximum value of storey drift in the damage limita-
tion event is d, X vV =41.4 mm.

This is above the maximum inter-storey drift for buildings having non-structural ele-
ments fixed in a way so as not to interfere with structural deformations, which is
0.01 h=0.01 x 3,500 = 35 mm (h-storey height).

However, as noted earlier, the lateral loads on the structure were initially calculated based
on a standard formula, which is applicable to a wide range of structures and, by necessity,
this is quite conservative in its calculation of the period of response. Although it is wall-
equivalent, the dual structure chosen is relatively flexible compared to typical shear wall
structures and therefore might be expected to attract lower inertial loads. Therefore, a more
realistic approach was adopted calculating the period using modal analysis with the stiffness
of the structure based on 0.5 * E_* I, as per the deflection calculation.

The modal analysis gives a fundamental period of 1.2 seconds with 67% mass participat-
ing (compared to 0.62 seconds using the generic formula) together with significant second-
ary modes at periods of 0.32 seconds (18% mass participating) and 0.14 seconds (9% mass
participating).
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The spectral acceleration associated with the fundamental mode is only 1.35 ms= rather
than 2.32 ms> previously obtained. Also, despite the higher spectral accelerations of the
higher modes, their low mass participation means that the effective acceleration consistent
with the SRSS combination of the individual modal inertial loads is lower than taking the
fundamental mode acceleration with 100% mass participation in this case.

Hence, inertial loads would be less than 60% of those used in the initial analysis. This
gives a maximum storey drift of 0.6 = 41.4 =24.8 mm, well within the EC8 limit. It can
therefore be seen that the structure possesses adequate stiffness and the feasibility of the
design is confirmed. The final design should proceed on the basis of these lower inertial
loads, resulting in reduced quantities of reinforcement but the member sizes should remain
unaltered to meet damage limitation requirements.
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6.1 INTRODUCTION

In line with current seismic design practice, steel structures may be designed to EC8 accord-
ing to either non-dissipative or dissipative behaviour. The former, through which the struc-
ture is dimensioned to respond largely in the elastic range, is normally limited to areas
of low seismicity or to structures of special use and importance; it may also be feasible if
vibration reduction devices are incorporated. Otherwise, codes aim to achieve economical
design by employing dissipative behaviour in which considerable inelastic deformations can
be accommodated under significant seismic events. In the case of irregular or complex struc-
tures, detailed non-linear dynamic analysis may be necessary. However, dissipative design
of regular structures is usually performed by assigning a structural behaviour factor (i.e.
force reduction or modification factor), which is used to reduce the code-specified forces,
resulting from idealised elastic response spectra. This is carried out in conjunction with the
capacity design concept, which requires an appropriate determination of the capacity of
the structure based on a pre-defined plastic mechanism, often referred to as failure mode,
coupled with the provision of sufficient ductility in plastic zones and adequate over-strength
factors for other regions.

This chapter focuses on the dissipative seismic design of steel frame structures accord-
ing to the provisions of EN1998-1 (2004), particularly Section 6 (Specific Rules for Steel
Buildings). After giving an outline of common configurations and the associated behaviour
factors, the seismic performance of the three main types of steel frame is discussed. Brief
notes on material requirements and control of design and construction are also included.
This chapter concludes with illustrative examples for the use of EC8 in the preliminary
design of lateral resisting frames for the eight storey building dealt with in previous chapters
of this book.

6.2 STRUCTURAL TYPES AND BEHAVIOUR FACTORS

There are essentially three main structural steel frame systems used to resist horizontal
seismic actions, namely moment resisting, concentrically braced and eccentrically braced
frames (EBFs). Other systems such as hybrid and dual configurations can be used and are
referred to in EC8, but are not dealt with in detail herein. It should also be noted that other
configurations such as those incorporating buckling restrained braces or special plate shear
walls, which are covered in the most recent North American Provisions (AISC, 2010a,b), are
not directly addressed in the current version of ECS.

As noted before, unless the complexity or importance of a structure dictates the use of
non-linear dynamic analysis, regular structures are designed using the procedures of capac-
ity design and specified behaviour factors. These factors (also referred to as force reduction
factors) are recommended by codes of practice based on background research involving
extensive analytical and experimental investigations. Before discussing the behaviour of
each type of frame, it is useful to start by indicating the structural classification and ref-
erence behaviour factors (q) stipulated in EC8 as this provides a general idea about the
ductility and energy dissipation capability of various configurations. Table 6.1 shows the
main structural types together with the associated dissipative zones according to the provi-
sions and classification of EC8 (described in Section 6.3 of EN1998-1). The upper values
of g allowed for each system, provided that regularity criteria are met, are also shown in
Table 6.1. The ability of the structure to dissipate energy is quantified by the behaviour
factor; the higher the behaviour factor, the higher is the expected energy dissipation as well
as the ductility demand on critical zones.



Design of steel structures

159

Table 6.1 Structural types and behaviour factors

g-factor
Structural type DCM DCH
Moment-resisting frames 4 5o/,
o, /o =11 o, /0y = 1.2 (1 bay)
o, /0, = 1.3 (multi-bay)
Dissipative zones in beams and column bases
Concentrically-braced frames 4 4
Dissipative zones in tension diagonals
V-braced frames 2 25

4 \,, . A

Dissipative zones in tension and compression diagonals

Frames with K-bracings

Ve d e 7 Vcd

Eccentrically-braced frames

m/ . e A

o, /oy = 1.2
Dissipative zones in bending or shear links

Not allowed in
dissipative
design

4 Sa,/o

(Continued)
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Table 6.1 (Continued) Structural types and behaviour factors

g-factor
Structural type DM DCH
Inverted pendulum structures 2 20,/0,
o, /o, =10 o, /oy =11
Dissipative zones in column base, or column ends (N, Ed/Np[, 2 < 0.3)
Moment-resisting frames with concentric bracing 4 4o,/0,
= +
o, /oy =12
Dissipative zones in moment frame and tension diagonals
Moment frames with infills Unconnected concrete or masonry 2 2
infills, in contact with the frame
Connected reinforced concrete infills See concrete
rules
Infills isolated from moment frame 4 5o/,
Structures with concrete cores or walls See concrete
rules

The multiplier o, /0, depends on the full-to-first plasticity resistance ratio of the struc-
ture. A reasonable estimate of this value may be determined from conventional non-linear
‘push-over’ analysis, but should not exceed 1.6. In the absence of detailed calculations,
the approximate values of this multiplier given in Table 6.1 may be used. If the building is
irregular in elevation, the listed values should be reduced by 20%.

The values of the structural behaviour factor given in the code should be considered
as an upper bound even if in some cases non-linear dynamic analysis indicates higher
q factors. For regular structures in areas of low seismicity having standard structural
systems with sections of standard sizes, a behaviour factor of 1.5-2.0 may be adopted
(except for K-bracing) by satisfying only the resistance requirements of EN1993-1
(Eurocode 3, 2005).
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Although a direct code comparison between codes can only be reliable if it involves the full
design procedure, the reference g factors in EC8 appear generally lower than R values in the US
provisions (ASCE/SEI, 2010) for similar frame configurations. It is also important to note that
the same force-based behaviour factors (g) are proposed as displacement amplification factors
(g,), on the basis of the ‘equal-displacement approximation’ (Elghazouli et al., 2014). This is
not the case in the US provisions where specific seismic drift amplification factors (C,) are sug-
gested; these values are generally lower than the corresponding R factors for all frame types.

6.3 DUCTILITY CLASSES AND RULES FOR CROSS-SECTIONS

To achieve some consistency with other parts of the code, the most recent version of EC8
explicitly addresses three ductility classes namely DCL, DCM and DCH referring to low,
medium and high dissipative structural behaviour, respectively. For DCL, global elastic
analysis and the resistance of the members and connections may be evaluated according to
EC3 without any additional requirements. The recommended reference ‘¢’ factor for DCL is
1.5-2.0. For buildings that are not seismically isolated or incorporating effective dissipation
devices, design to DCL is only recommended for low-seismicity situations. In contrast, struc-
tures in DCM and DCH need to satisfy specific requirements primarily related to ensuring
sufficient ductility in the main dissipative zones. Some of these requirements are general rules
that apply to most structural types whilst others are more relevant to specific configurations.

The application of a behaviour factor larger than 1.5-2.0 must be coupled with sufficient
local ductility within the critical dissipative zones. For elements in compression or bending
(under any seismic loading scenario), this requirement is ensured in EC8 by restricting the
width-to-thickness (b/#) ratios to avoid local buckling. An increase of b/t ratio results in lower
element ductility due to the occurrence of local buckling (as illustrated in Figure 6.1), leading to
a reduction in the energy dissipation capacity, which is expressed by a lower g factor. The clas-
sification used in EC3 is adopted but with restrictions related to the value of g factor as given in
Table 6.2 (Section 6.5.3 and Table 6.3 of EN1998-1). It is worth noting that the seismic cross-
section requirements in US practice imply more strict limits for certain section types.

The cross-section requirements apply to all types of frame considered in EC8. These pro-
visions implicitly account for the relationship between local buckling and rotational ductil-
ity of steel members, which has been extensively investigated by several researchers (e.g. Lay
and Galambos, 1967; Kato and Akiyama, 1982; Kato, 1989).

MA
Class 1-plastic
Mpl 4+ — — — -
Class 2-compact
M,+— — -

Class 3-semi-compact

Class 4-slender

e

Figure 6. Moment—rotation characteristics for different cross-section classes.
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Table 6.2 Cross-section requirements based on
ductility class and reference g-factor

Ductility class ~ Reference g-factor ~ Cross-section class

DCM I.5<q<2 Class 1,2 or 3
20<qg<4 Class | or 2
DCH q>4 Class |

In subsequent sections, the behaviour of the three main configurations of steel frame
structure, namely moment resisting, concentrically and eccentrically braced frames is dis-
cussed. Whereas moment frames exhibit relatively ductile behaviour under earthquake load-
ing, their low transverse stiffness may, in some situations, result in high-storey drifts, thus
leading to unacceptable damage to non-structural components and possible stability prob-
lems. On the other hand, concentrically braced frames (CBF) may provide relatively higher
stiffness, but can often suffer from reduced ductility once the compression braces buckle.
EBFs have the potential of providing adequate ductility as well as stiffness, provided that
the shear or bending links are carefully designed and detailed to withstand the substantial
inelastic demands that are imposed on these dissipative zones.

6.4 MOMENT-RESISTING FRAMES

6.4.1 Frame characteristics

Moment-resisting frames are designed such that plastic hinges occur predominantly in
beams rather than in columns (weak beam/strong column design) as shown in Figure 6.2.
This provides favourable performance, compared to strong beam/weak column behaviour
through which significant deformation and second order effects may arise in addition to the
likelihood of premature storey collapse mechanisms. The only exception to this requirement
is at the base of the ground floor columns, where plastic hinges may form.

Due to the spread of plasticity through flexural plastic hinges, moment-resisting frames usu-
ally possess high ductility as reflected in the high reference ‘q” assigned in EC8. Nevertheless,
due to their inherent low stiffness, lateral deformation effects need careful consideration.

6.4.2 Capacity design requirements

In ECS8, the ‘weak beam/strong column’ concept is typically required, with plastic hinges
allowed at the base of the frame, at the top floor of multi-storey frames and for single-storey
frames. The most recent version of EC8 also allows dissipative zones to be located in the
connections provided adequate behaviour can be demonstrated. Rules for moment-resisting
frames are described mainly in Section 6.6 of EN1998-1.

To obtain ductile plastic hinges in the beams, checks are made that the full plastic moment
resistance and rotation is not reduced by coexisting compression and shear forces. To satisfy
this for each critical section, the applied moment (M,) should not exceed the design plastic
moment capacity (M, z,) (i.e. Mgs/M, zs<1.0), the applied axial force (Ng,) should not
exceed 15% of the plastic axial capacity (N, z4) (i.e. Ngs/N, s < 0.15). Also, the shear force
(Vi,) due to the application of the plastic moments with opposite signs at the extremities
of the beam should not exceed 50% of the design plastic shear resistance (V,; z,) of the sec-
tion (i.e. Vp/V, zs<0.5,in which Viy=Vy, c+ Vi, ), where Vi, g and Vi, are the shear
forces due to the gravity and moment components on the beam, respectively.
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@ * * (b)

Figure 6.2 Weak-beam/strong-column and weak-column/strong-beam behaviour in moment-resisting
frames. (a) Beam mechanism. (b) Storey column mechanism.

According to Section 6.6.3 of EN1998-1, columns should be verified for the most unfa-
vourable combination of bending moments M, and axial forces N, based on

Mgy = Mgg +1.17,QMgq g (6.1)

Nig = Niag + 1170, Q2Ngq (6.2)

where Qis the minimum over-strength in the connected beams (Q; = M, /M, ). The param-
eters My, ; and My, ; are the bending moments in the seismic design situation due to the
gravity loads and lateral earthquake forces, respectively, as shown in Figure 6.3 (Elghazouli,
2007); the same subscripts also apply for axial and shear actions. Additionally, the most
unfavourable shear force (V,) of the column due to seismic combination actions must be
less than 50% of the ultimate shear resistance of the section.

The beam over-strength parameter ( = M, xs/Mp,) as adopted in EC8 involves an approx-
imation as it does not account accurately for the influence of gravity loads on the behav-
iour (Elghazouli, 2007). This issue becomes particularly pronounced in gravity-dominated
frames (i.e. with large beam spans) or in low-rise configurations (since the initial column
sizes are relatively small), in which the beam over-strength may be significantly underesti-
mated. The extent of the problem depends on the interpretation of the code and whether
Q is used in isolation or in combination with an additional capacity design criterion based
on a limiting ratio of 1.3 on the column-to-beam capacity (i.e. Equation 4.4 of Chapter 4).
It is also important to note that whilst codes aim to achieve a ‘weak-beam/strong-column’
behaviour, some column hinging is often unavoidable. In the inelastic range, points of con-
tra-flexure in members change and consequently the distribution of moments vary consider-
ably from idealised conditions assumed in design. The benefit of meeting code requirements
is to obtain relatively strong columns such that beam rather than column yielding dominates
over several stories, hence achieving adequate overall performance.

6.4.3 Stability and drift considerations

Deformation-related criteria are stipulated for all building types in EC8 but, as expected,
they are particularly important in steel moment frames due to their inherent flexibility,
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Figure 6.3 Moments due to gravity and lateral loading components in the seismic situation.

which often governs the design. Two deformation-related requirements, namely ‘second-
order effects’ and ‘inter-storey drifts’, are stipulated in Sections 4.4.2.2 and 4.4.3.2 of
EN1998-1. The former is associated with ultimate state whilst the latter is included as a
damage-limitation (serviceability) condition.

Second-order (P-A) effects are specified through an inter-storey drift sensitivity coefficient
(0) given as

(6.3)

where P,,, and V,,, are the total cumulative gravity load and seismic shear, respectively, at
the storey under consideration; /4 is the storey height and d, is the design inter-storey drift
(product of elastic inter-storey drift from analysis and g, i.e. d, X g). Instability is assumed
beyond 6 = 0.3 and is hence considered as an upper limit. If 8 < 0.1, second-order effects
could be ignored, whilst for 0.1 <0 < 0.2, P-A may be approximately accounted for in seis-
mic action effects through the multiplier 1/(1-9).

For serviceability, ‘d is limited in proportion to ‘4’ such that

dv<yh (6.4)

where y is suggested as 0.5%, 0.75% and 1.0% for brittle, ductile or non-interfering non-
structural components, respectively; v is a reduction factor, which accounts for the smaller
more-frequent earthquakes associated with serviceability, recommended as 0.4-0.5 depend-
ing on the importance class.

Assessment of other codes, including US provisions, suggests that drift-related requirements
in EC8 can be relatively more stringent, depending on the limit selected and the importance
category under consideration. As a result, direct application of the specific rules for moment
frames in EC8, followed by inter-storey drift and second-order stability checks, often results in
an overall lateral capacity, which is notably different from that assumed in design (Elghazouli,
2007; Sanchez-Ricart and Plumier, 2008; Peres and Castro, 2010). Significant levels of lateral
frame over-strength can be present particularly when large g factors are used and/or when
the spectral design accelerations are not high. This over-strength is also a function of spectral
acceleration and gravity design. Whereas the presence of over-strength reduces the ductility
demand in dissipative zones, it also affects forces imposed on frame and foundation elements.
A rational application of capacity design necessitates a realistic assessment of lateral capacity
after the satisfaction of all provisions, followed by a re-evaluation of global over-strength and
the required ‘g’. Although high ‘¢’ factors are allowed for moment frames, in recognition of
their ductility and energy dissipation capabilities, such a choice may, in some cases, be unnec-
essary and undesirable (Villani et al., 2009; Elghazouli, 2010).
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6.4.4 Beam-to-column connections

Steel moment frames have traditionally been designed with rigid full-strength connections,
usually of fully welded or hybrid welded/bolted configuration. Typical design provisions
ensured that connections are provided with sufficient over-strength such that dissipative
zones occur mainly in the beams. However, the reliability of these commonly used forms of
full-strength beam-to-column connection has come under question following poor perfor-
mance in large events in the mid-1990s, particularly in the Northridge earthquake of 1994
(Bertero et al., 1994) and the Hyogo-ken Nanbu (Kobe) earthquake of 1995 (EERI, 1995),
as illustrated in Figure 6.4. The extent and repetitive nature of damage observed in several
types of welded and hybrid connections have prompted considerable research effort not only
to repair methods for existing structures but also to alternative connection configurations to
be incorporated in new designs.

The above-mentioned problems prompted the industry in the United States, in liaison
with government agencies, professional institutions and academic establishments to create
a joint venture (SAC) to respond to the questions raised by the extensive damage observed.
Laboratory tests confirmed that connections designed and manufactured strictly to code
requirements and conventional shop practice failed to provide the necessary levels of duc-
tility (SAC, 1995-1996a,b). Observed damage was attributed to several factors, including
defects associated with weld and steel materials, welding procedures, stress concentration,
high rotational demands, scale effects, as well as the possible influence of strain levels and
rates. In addition to the concerted effort dedicated to improving seismic design regulations
for new construction, several proposals have been forwarded for the upgrading of existing
connections (FEMA, 1995-2000; PEER, 2000). As shown schematically in Figure 6.5, this
may be carried out by strengthening of the connection through haunches, cover or side
plates or other means. Alternatively, it can be achieved by weakening of the beam by trim-
ming the flanges (i.e. reduced beam section ‘RBS’ or ‘dog-bone’ connections), perforating
the flanges or by reducing stress concentrations through slots in beam webs, enlarged access
holes, etc. It should be noted, however, that most pre-qualification activities have focused on
connections to open section columns, with comparatively less attention given to connections
to tubular columns (Elghazouli and Packer, 2014). In general, the design can be based on
either pre-qualified connections or on prototype tests. Pre-qualified connections have been
proposed in the US (AISC, 2011), and a similar European activity is underway.

Another important aspect of connection behaviour is related to the influence of the col-
umn panel zone. This has direct implications on the ductility of dissipative zones as well as
on the overall frame performance. Recent research studies (Castro et al., 2005; Castro et al.,

Figure 6.4 Examples of typical damage in connections of moment frames: (a) weld fracture at bottom flange;
(b) fracture extending into structural section.
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Figure 6.5 Schematic examples of modified connection configurations for moment frames. (a) Reduced beam
section (RBS or dog-bone). (b) Connection with haunches. (c) Connection with cover plates.

2008) involved the development of realistic modelling approaches for panel zones within
moment frames as well as assessment of current design procedures. One important issue is
related to the treatment of the two yield points corresponding to the onset of plasticity in the
column web and surrounding components, respectively. Another key design consideration is
concerned with balancing the extent of plasticity between the panel zone and the connected
beams, an issue which can be significantly affected by the level of gravity applied on the
beams. On the one hand, allowing a degree of yielding in the panel reduces the plastic hinge
rotations in the beams yet, on the other hand, relatively weak panel zone designs can result
in excessive distortional demands which can cause unreliable behaviour of other connection
components particularly in the welds.

Section 6.6.3 of EN1998-1 requires the web panel to be designed to ensure adequate
shear and buckling resistance. The design shear assuming plasticity in the beams (V,, r,)
should not exceed the web panel plastic shear resistance (V,, ra)s (i.e. Vi, s <V, ra)-
The design shear should also not exceed the buckling resistance of the web panel (V,;, z,),
(i.e. Vi pa < Vi ra) If strengthening is required to the web panel, additional plates can be
welded to the column panel zone.

Many of the drawbacks of fully rigid welded frames can be alleviated by bolted forms.
To this end, the feasibility of using partial-strength bolted connections, which are usually
semi-rigid as well, for seismic resistance has been the subject of a number of investiga-
tions (e.g. Nader and Astaneh, 1992; Elnashai and Elghazouli, 1994; Elghazouli, 1996;
Mazzolani and Piluso, 1996; Faella et al., 2000; Elghazouli et al., 2009). Despite the eco-
nomic advantages in fabrication and construction, this type of connection has not been tra-
ditionally employed for earthquake resistance due to two main reasons. The first is related
to the semi-rigidity, which may lead to excessive deformation under static loads. It was
shown in several investigations, however, that due to the relatively longer natural period
of semi-rigid frames, the deflections may often not be higher under dynamic loads as com-
pared to rigid frames. The second reason is that insufficient information has been available
on the hysteretic behaviour and local ductility of partial strength connections. In general,
semi-rigid partial-strength connections can be a viable alternative, particularly in moderate
seismicity areas.

Revisions have also been introduced in the current version of EC8 to reflect recent research
findings. If the structure is designed to dissipate energy in the beams, connections should



Design of steel structures 167

0,=8/(05°L)

le—L/2 Pl L/2

¥

Figure 6.6 Estimation of plastic hinge rotation 6,

be designed for the required degree of over-strength taking into account the plastic moment
resistance of the attached beams. On the other hand, semi-rigid partial-strength connec-
tions are now permitted provided several conditions are satisfied (according to Section 6.6.4
of the code) including (i) all connections have rotation capacity consistent with global defor-
mations, (ii) members framing into connections are stable at the ultimate limit state and (iii)
connection deformation is accounted for through non-linear analysis.

For all connections, whether full- or partial-strength, design to EC8 should ensure suf-
ficient plastic rotation (6,) of the plastic hinge region, such that 6, > 35 mrad for DCH and
0,>25 mrad for DCM (with g > 2). The plastic rotation 6, can be determined as &/0.5L,
where & is the beam deflection at mid-span and L is the beam span, as illustrated in
Figure 6.6. In tests, it should be ensured that 6, is achieved under cyclic loading with less
than 20% degradation in stiffness and strength, and that the column web panel shear does
not contribute more than 30% to 6,, noting that the column elastic deformation is not
included in 6,. It is also important to note that if partial-strength connections are adopted,
column capacity design checks need only to be verified based on the plastic capacity of the
connections rather than that of the beams.

6.5 CONCENTRICALLY BRACED FRAMES

6.5.1 Frame characteristics

Because of their geometry, CBFs, such as those shown in Figure 6.7, provide truss action
with members subjected largely to axial forces in the elastic range. However, during a mod-
erate to severe earthquake, the bracing members and their connections undergo significant
inelastic deformations into the post-buckling range, which has led to reported cases of dam-
age in previous earthquakes (EERI, 1995).

The response of CBFs is typically dominated by the behaviour of its bracing members.
This behaviour has been investigated previously by several researchers (e.g. Maison and
Popov, 1980; Popov and Black, 1981; Tkeda and Mahin, 1986; Goel and El-Tayem, 1986),
focusing mainly on the response under idealised cyclic loading conditions. A collaborative
European project (Elghazouli, 2003; Broderick et al., 2005; Elghazouli et al., 2005) also
examined the performance of bracing members through analytical studies, which were sup-
ported by monotonic and cyclic quasi-static axial tests as well as dynamic shake table tests.
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Figure 6.7 Typical idealised configurations of concentrically braced frames. (a) Non-intersecting braces,
(b) cross-bracing, (c) V or inverted-V bracing and (d) K-bracing.

An example of the hysteretic axial load—deformation response of a bracing member is
shown in Figure 6.8, in which the displacement and axial loads are normalised by the yield
values. In compression, member buckling is followed by lateral deflection and the forma-
tion of a plastic hinge at mid-length, which leads to a gradual reduction in capacity. On
reversing the load, elastic recovery occurs followed by loading in tension until yielding takes
place. Subsequent loading in compression results in buckling at loads lower than the initial
strength due to the residual deflections, the increase in length as well as the Bauschinger
effect. Moreover, due to the accumulated permanent elongation, tensile yielding occurs at
axial deformations that increase with each cycle of loading. Cyclic testing of diagonal brac-
ing systems indicates that energy can be dissipated after the onset of global buckling if fail-
ures due to local buckling or at the connection are prevented.

Under the cyclic axial loading conditions applied on bracing members in seismic situations,
failure can occur due to fracture of the cross-section following local buckling, provided that
bracing connections are adequately designed and detailed. This was clearly illustrated in
shake-table tests on tubular bracing members (Elghazouli et al., 2005). High strains typi-
cally develop upon local buckling in the corner regions of the cross-section. Cracks eventu-
ally form in these regions, as shown in Figure 6.9 (Elghazouli et al., 2005), and gradually
propagate through the cross-section under repeated cyclic loading.

The initiation of local buckling and fracture is influenced by the width-to-thickness ratio
of the elements of the cross-section, as well as the applied loading history. Seismic codes rely
on the limits imposed on the width-to-thickness ratios of the cross-section in order to delay
or prevent local buckling and hence reduce the susceptibility to low cycle fatigue and frac-
ture. There is also a dependence on the overall member slenderness of the brace (Elghazouli,
2003). Seismic codes also normally impose an upper limit on the member slenderness to
limit sudden dynamic loading effects as well as the extent of post-buckling deformations.
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Figure 6.8 Typical response of a bracing member under cyclic axial loading.

Figure 6.9 Fracture of tubular steel bracing member during shake table testing. (a) Failure of tubular bracing
member. (b) View of fracture during testing.

6.5.2 Design requirements

The provisions of EC8 for CBFs (provided mainly in Section 6.7 of EN1998-1) typically con-
sider that the horizontal seismic forces are mainly resisted by the axially loaded members.
Design should allow yielding of the diagonals in tension before yielding or buckling of the
beams or columns and before failure of the connections. Due to buckling of the compres-
sion braces, tension braces are considered to be the main ductile members, except in V and
inverted-V configurations.

In diagonal bracings of the types shown in Figure 6.7a and b, the cyclic horizontal forces
can be assumed in EC8 to be resisted by the corresponding tension members only, with the
contribution of the compression bracing members neglected. To avoid significant asymmet-
ric response effects, the value of Acosa. (as shown in Figure 6.10) must not vary significantly
between two opposite braces in the same storey, such that

(A"-A)

\a-4) 6.5
A+ A <0.05 (6.5)
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Figure 6.10 Symmetry of lateral resistance in concentrically braced frames.

where A is the area of the cross-section of the tension diagonal and o is the slope of the
diagonal to the horizontal.

In V-bracing, both tension and compression bracing members are needed to resist hori-
zontal seismic forces effectively, hence both should be included in the elastic analysis of the
frame. Also, the beams should be designed for gravity loading without considering the inter-
mediate support of the diagonals, as well as account for the possibility of an unbalanced
vertical action after brace buckling. In other frames, only the tension diagonals are consid-
ered. However, accounting for both braces is allowed in EC8 provided a non-linear static or
time history analysis is used, both pre-buckling and post-buckling situations are considered
and background studies justifying the models adopted are provided. It should be noted that
ignoring the compression brace can have favourable or detrimental effects on the actual
response, depending on the frame configuration and design situation (Elghazouli, 2003). On
the other hand, K-bracing, such as that shown in Figure 6.7d where the diagonals meet at
an intermediate point in the column, do not offer ductile behaviour due to the demand for
a column yielding mechanism. Consequently, it is not appropriate for dissipative design and
its use is not recommended in ECS. B

In the design of the diagonal members, the non-dimensional slenderness A used in EC3
plays an important role in the behaviour. This is discussed in detail elsewhere (Elghazouli,
2003). In earlier versions of EC8, an upper limit of 1.5 was proposed to prevent elastic
buckling. However, further modifications have been made in the current version of EC8 and
the upper limit has been revised to a value of 2.0, which results in a more efficient design.
Moreover, no upper limit is needed for structures up to two storeys high. On the other
hand, in frames with X-diagonal braces A should be between 1.3 and 2.0. The lower limit
is specified to avoid overloading columns in the pre-buckling stage of diagonals. Satisfying
this lower limit can, however, result in some difficulties in practical design. It should also
be noted that in frames with non-intersecting diagonal bracings (e.g. Figure 6.7a), the code
stipulates that the design should account for forces that may develop in the columns due to
loads from both the tension diagonals and pre-buckling forces in the compression diagonals.
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Figure 6.11 Axial forces due to gravity and lateral loading in the seismic design situation.

All columns and beams should be capacity designed for the seismic combination actions.
In summary, the following relationship applies for the capacity design of non-diagonal
members, where the design resistance of the beam or column under consideration N ,(Mp,),
with due account of the interaction with the bending moment M, is determined as

Ngi(Mgg) 2 Ngag + 1.1, QNgg £ (6.6)

where N, ; and N, ;, are the axial load due to gravity and lateral actions, respectively, in
the seismic design situation, as illustrated in Figure 6.11; Q is the minimum value of axial
brace over-strength over all the diagonals of the frame and y,, is the material over-strength.
However, Q of each diagonal should not differ from the minimum value by more than
25% in order to ensure reasonable distribution of ductility. It is worth noting that unlike
in moment frames, gravity loading does not normally have an influence on the accuracy of
Q. Tt should also be noted that the 25% limit can result in difficulties in practical design; it
can be shown (Elghazouli, 2007) that this limit can be relaxed or even removed if measures
related to column continuity and stiffness are incorporated in design.

US provisions (ASCE, 2010; AISC, 2010) differ from those in EC8 in terms of the R fac-
tors recommended as well as cross-section limits for some section types. However, the most
significant is related to the treatment of the brace buckling in compression, which may lead
to notably different seismic behaviour depending mainly on the slenderness of the braces.
This is discussed in more detail elsewhere (Elghazouli, 2003) and has significant implica-
tions on the frame over-strength as well as on the applied forces and ductility demand
imposed on various frame components.

6.5.3 Bracing connections

Many of the failures reported in CBFs due to strong ground motion have been in the connec-
tions. In principle, bracing connections can be designed as rotationally restrained or unre-
strained, provided that they can transfer the axial cyclic tension and compression effectively.
The in- and out-of-plane behaviour of the connection, and their influence on the beam and
column performance, should be carefully considered in all cases. For example, consider-
ing gusset plate connections (see Figure 6.12), satisfactory performance can be ensured by
allowing the gusset plate to develop plastic rotations. This requires that the free length
between the end of the brace and the assumed line of restraint for the gusset can be suffi-
ciently long to permit plastic rotations, yet short enough to preclude the occurrence of plate
buckling prior to member buckling (Astaneh et al., 1986). Alternatively, connections with
stiffness in two directions, such as crossed gusset plates, can be detailed.

As in the case of moment frames, the design of connections between bracing members and
the beams/columns in a CBF is only dealt with in a conceptual manner in EC8. Accordingly,



172 Seismic Design of Buildings to Eurocode 8

Gusset plate (thickness = £)

s N Fold line
—

\

Figure 6.12 Brace-to-gusset plate connection in concentrically braced frames.

designers can adopt details available from existing literature, or based on prototype testing.
The performance of bracing connections, such as those involving gusset plate components,
has attracted significant research interest in recent years (e.g. Lehman et al., 2008; Yoo
et al., 2008). Designing bracing connections in an efficient and practical manner can be
complex and time-consuming, which has led to the development of various ‘pre-engineered’
proprietary solutions (Elghazouli and Packer, 2014). Supplementary European guidance,
through complementary manuals, on the design and detailing of recommended bracing con-
nections for seismic resistance is also underway.

6.6 ECCENTRICALLY BRACED FRAMES

6.6.1 Frame characteristics

In this type of structural system, as shown in Figure 6.13, the bracing members intersect the
girder at an eccentricity ‘e’, and hence transmit forces by shear and bending. The length of
the girder defined by ‘e’ is termed a ‘link beam’, which may behave predominantly in either
shear or bending. While retaining the advantages of CBFs in terms of drift control, EBFs also
represent an ideal configuration for failure mode control. Another important advantage is
that by providing an eccentricity, a higher degree of flexibility in locating doors and windows
in the structure is achieved. By careful design of the link beam, significant energy dissipation
capacity can be obtained. Moreover, zones of excessive plastic deformations can be shifted
away from beam—column connections, thus improving the overall integrity of the frame.
The length of the link zone has a direct influence on the frame stiffness. The relation between
eccentricity ratio (e/L) and the lateral stiffness is illustrated in Figure 6.14. As e/L tends to



Design of steel structures 173

Figure 6.13 Possible configurations of eccentrically braced frames.

unity, the stiffness of the MRF is obtained, while the zero eccentricity ratio corresponds to
the CBF stiffness. There is also a direct relationship between the frame drift angle (6) and the
rotational demand in the link (y). Simple analysis of plastic collapse mechanisms of a single
link in EBF, gives a relationship between frame and link deformations (see Figure 6.15) as

0L = ye (6.7)

Since the span of the frame is significantly larger than the eccentricity ‘¢’, it follows that
the ductility demand in the link is considerably higher than that for the frame. It is also evi-
dent that shorter links would have higher demand for the same level of frame drift.

k A

—~—

Figure 6.14 Relationship between link length and lateral stiffness of eccentrically braced frames.
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Figure 6.15 Relationship between link length and ductility demand in eccentrically braced frames.

As in other codes, EBFs are designed in EC8 so that beams are able to dissipate energy
by formation of plastic bending or plastic shear mechanisms in the links. Specific rules
are given to ensure that yielding in the bending or shear links of the beams will take place
prior to yielding or failure in other members, which would therefore be capacity designed.
The most recent version of EC8 incorporates detailed provisions (mainly in Section 6.8 of
ENV1998-1), which are largely in accordance with North American design procedures.

6.6.2 Link beams

Whereas short links suffer from high-ductility demands, they yield primarily in shear.
Experimental evidence (e.g. Hjelmstad and Popov, 1983; Kasai and Popov, 1986; Engelhardt
and Popov, 1989) showed that shear link behaviour in steel is superior to that of flexural
plastic hinges. However, other considerations such as architectural requirements may neces-
sitate the use of long links. Assuming no strain-hardening or moment—shear interaction, the
theoretical dividing length (e,) between shear and flexural yielding is

_ 2M,, ik

(6.8)
V. link

€.

where M, ;;,, and V, ., are the plastic moment and plastic shear capacities of the cross-
section, respectively.

Experimental evidence, however, shows that strain-hardening is significant in link behav-
iour. The ultimate shear and bending strengths may be significantly higher than V, ;,,, and
M, s With different ratios. Accordingly, in EN1998-1, for I-section links where equal
moments occur at both ends, the links are defined as

o Short links:

1.6 M, ;.
e< e, = bl (6.9)
Vo tink
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¢ Long links:

e>e = 3.0 My ine (6.10)
Vp,link
¢ Intermediate links:
e;<e<ep (6.11)

On the other hand, in designs in which only one plastic hinge forms at one end in I-sections:

e Short links:

e<e, =0.8 (1+0a) My ik (6.12)
p,link
¢ Long links:
M in,
e>e =15 (1+a)p%llak (6.13)
¢ Intermediate links:
e;<e<ep (6.14)

where o is the ratio of the absolute value of the smaller-to-larger bending moments at the
two ends of the link.

If the applied axial force exceeds 15% of the plastic axial capacity, reduced expressions
for the moment and shear plastic capacities are provided in EC8 to account for the corre-
sponding reductions in their values.

EC8 also provides limits on the rotation 6, in accordance with the expected rotation
capacity. This is given as 0.08 radians for short links and 0.02 radians for long links, whilst
the limit for intermediate links can be determined by linear interpolation. The code also
gives a number of rules for the provision of stiffeners in short, long and intermediate link
zones.

6.6.3 Other frame members

Other members not containing seismic links, such as the columns and diagonals, should
be capacity designed. These members should be verified considering the most unfavourable
combination of axial force and bending moment with due account for shear forces, such that

Ngri(Mgg, Vig) 2 Ngag +1.1y,QNgg g (6.15)

where the actions are similar to those previously defined for CBFs. However, in this case,
Q is the minimum of the following: (i) min of &=1.5 V, ;,,, /V},; among all short links,
and (ii) min of = 1.5 M, ;. /M, ,; among all intermediate and long links, where V,; and
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Figure 6.16 Full depth web stiffeners in link zones of eccentrically braced frames.

Mg, are the design values of the shear force and bending moment in link 7’ in the seismic
design situation, whilst V, ., and M, ;. ; are the shear and bending plastic design capaci-
ties of link . It should also be checked that the individual values of Q. do not differ from the
minimum value by more than 25% in order to ensure reasonable distribution of ductility.

If the structure is designed to dissipate energy in the links, the connections of the links or
of the elements containing the links should also be capacity designed with due account of
the over-strength of the material and the links, as before. Semi-rigid and/or partial-strength
connections are permitted with some conditions similar to those described previously for
moment resisting frames.

Specific guidance is given for link stiffeners in EN1998-1. Full-depth stiffeners are
required on both sides of the link web at the diagonal brace ends of the link as indicated
in Figure 6.16. These stiffeners should have a combined width not less than b,~2¢, and a
thickness not less than 0.75¢, or 10 mm whichever is larger, where b; and ¢, are the link
flange width and link web thickness, respectively.

Intermediate web stiffeners in shear links should be provided at intervals not exceeding
(30t,, — d/5) for a link rotation angle of 0.08 radians, or (52¢,, — d/5) for link rotation angles
of 0.02 radians or less, with linear interpolation used in-between, where d is the section
depth. Links of length greater than 2.6 M,, ;,,/V, ;;, and less than SM, ;;,,/V, ;... should be
provided with intermediate web stiffeners placed at a distance of 1.5 times b, for each end of
the link. Both requirements apply for links of length between 1.6 and 2.6 M, ;,,/V,, j;...» and
no intermediate web stiffeners are required in links of lengths greater than S M,, ;;,./V, ji-
Intermediate link web stiffeners are required to be full depth. For links that are less than
600 mm in depth, stiffeners are required on only one side of the link web. Lateral supports
are also required at both the top and bottom link flanges at the end of the link. End lateral
supports of links should have design strength of 6% of the expected nominal strength of the
link flange.

Design of link-to-column connections should be based upon cyclic test results that dem-
onstrate inelastic rotation capability 20% greater than that calculated at the design storey
drift. On the other hand, beam-to-column connections away from links are permitted to be
designed as pinned in the plane of the web.

6.7 MATERIAL AND CONSTRUCTION CONSIDERATIONS

In addition to conforming to the requirements of EN1993 (Eurocode 3, 2005), EC8 incorpo-
rates specific rules dealing with the use of a realistic value of material strength in dissipative
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zones. In this respect, according to Section 6.2 of EN1998-1, the design should conform to

one of the following conditions:
* The actual maximum yield strength f, ... of the steel of the dissipative zones satis-

fies the relationship: f, ... < 1.1 v, f,, where f, is the nominal yield strength and the

recommended value of y,, is 1.25.

e The design of the structure is made on the basis of a single grade and nominal yield
strength °f;” for the steels both in dissipative and non-dissipative zones, with an upper

limit ‘f, ...” specified for steel in dissipative zones, which is below the nominal value
‘f,” specified for non-dissipative zones and connections.

* The actual yield strength ‘£, .’ of the steel of each dissipative zone is determined from
measurements and the over-strength factor is assessed for each dissipative zone as

You,act = fy,act/fy'

In addition to the above, steel sections, welds and bolts should satisfy other requirements
in dissipative zones. In bolted connections, high-strength bolts (8.8 and 10.9) should be used
in order to comply with the requirements of capacity design.

In terms of detailed design and construction requirements, in addition to the rules of
EN1993, several specific provisions are given in Section 6.11 of EN1998-1. The details of
connections, sizes and qualities of bolts and welds as well as the steel grades of the members
and the maximum permissible yield strength £, ... in dissipative zones should be indicated
on the fabrication and construction drawings.

Checks should be carried out to ensure that the specified maximum yield strength of steel
does not exceed by more than 10%. It should also be ensured that the distribution of yield
strength throughout the structure does not substantially differ from that assumed in design.
If any of these conditions is not satisfied, new analysis of the structure and its details should
be carried out to demonstrate compliance with the code.

6.8 DESIGN EXAMPLE: MOMENT FRAME

6.8.1 Introduction

The same eight-storey building considered in previous chapters is utilised in this example.
The layout of the structure is reproduced in Figure 6.17. The main seismic design checks are
carried out for a preliminary design according to EN 1998-1. For the purpose of illustrating
the main seismic checks in a simple manner, consideration is only given to the lateral system
in the X-direction of the plan, in which resistance is assumed to be provided by moment
resisting frames spaced at 4 m. It is also assumed that an independent bracing system is pro-
vided in the transverse (Y) direction of the plan. Grade S275 is assumed for the structural
steel used in the example.

6.8.2 Design loads

The gravity loads are adapted from those described in Chapter 3, and are depicted in
Table 6.3. On the other hand, the seismic loads are evaluated based on the design response
spectrum and on the fundamental period of the structure, which is estimated to be 1.06 s
from the simplified expression in EC8 (Cl. 4.3.3.2.2). The total seismic mass, obtained from
the self weight as well as an allowance of 30% of the imposed load, is found to be 8208 z.
A behaviour factor of 4 is adopted assuming ductility class medium (DCM). The total
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Figure 6.17 Frame layout.

design base shear for the whole structure is, therefore, estimated as 8,372 kN. The design
base shear per frame is therefore considered as 558 kN.

The moment frame located on GL2 is selected for illustration in this example. Although
the structure is symmetric in plan, an account should be made for torsional effects resulting
from the accidental eccentricity. Using the simplified approach suggested in CI. 4.3.3.2.4(1)
of EC8, the design base shear for this frame is increased by a factor of about 1.26 to approx-
imately 703 kN.

According to Cl. 4.3.3.2.3 of EC8, the design base shear should be applied in the form
of equivalent lateral loads at the floor levels. These loads are obtained by distributing the
base shear in proportion to the fundamental mode shape of the frame or, in cases where the
mode follows a linear variation with height, by distributing the base shear in proportion to
the mass and height of each floor. This simplified approach is adopted in this example and
the floor loads and the values are given in Table 6.4.

Table 6.3 Summary of gravity loads

Type of load Description Value (kN/m?)

Dead load 150 mm thick solid slab 3.6
Finishing 1.0
External walls 3.25
Internal walls 1.7

Imposed load  Roof 2.0
Corridors 4.0
Bedrooms 2.0

Roof terrace 4.0
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Table 6.4 Floor seismic loads (GL2 frame)

Floor Seismic force (kN)

98.2
143.5
123.7
103.9

84.0

64.1

44.2

41.6

— N W AN U1 O8N N 00

The frame on GL2 was first designed for the non-seismic/gravity loading combinations
corresponding to both ultimate and serviceability limit states according to the provisions of
EC3 (EN1993-1). On this basis, the initial column sections adopted were HEB450 for the
four lower stories and HEB300 for the upper five stories, whilst IPE550 was selected for the
beams.

6.8.3 Seismic design checks
6.8.3.1 General considerations

A preliminary elastic analysis was first carried out using the estimated seismic loads for the
frame incorporating the initial member sizes. These initial member sizes were however found
to be inadequate to fulfil both strength and damage limitation requirements. Accordingly,
the columns were increased to HEAS550 in the lower four storeys and to HEA500 in the
upper five storeys. On the other hand, the initial size of the external (8.5 m) beams was
retained, but the size of the internal (3 m) beams was reduced to IPE500 as this provided a
more optimum solution in terms of the column sizes required to satisfy capacity criteria. It
is also worth noting that controlling the lateral stiffness through the column sizes is often
more optimal with respect to capacity design requirements.
The seismic design combination prescribed in Cl. 6.4.3.4 of Eurocode 0 (2002) is

Z Gy + Z Vo, Ori + Ara

i1 ix1

where Gy, Oy are the action effects due to the characteristic dead and imposed loads, respec-
tively. The parameter W, is the quasi-permanent combination factor, which, in this example,
is taken as 0.3. In the same combination, A, refers to the action effects due to the seismic
loads.

A view of the frame model showing the element numbering is given in Figure 6.18. The
results of elastic analysis for the seismic loading combination are initially used in the evalu-
ation of the inter-storey drift sensitivity coefficient 6, as listed in Table 6.5. As shown in
the table, 6 does not exceed the limit of 0.1 according to Cl. 4.4.2.2(2) of EC8, and hence
second-order effects do not have to be considered in the analysis.

The design checks for the beams and columns require the knowledge of the internal
actions. As an example, the bending moment diagrams due to the vertical (i.e. My, ; due to
G, +0.3Q,) and earthquake (i.e. My, ; due to E) loads are presented in Figure 6.19. The final
bending moment diagram for the seismic combination (i.e. My,) is shown in Figure 6.20.
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Figure 6.18 Frame model with element numbers.

Table 6.5 Calculation of inter-storey drift sensitivity coefficient

Level d,(mm) d,(mm) d,(mm) P, (kN) V. (kN) h(mm) 0
8 78.4 313.6 18.0 453 98.2 3,500 0.024
7 73.9 295.6 28.0 1,170 241.7 3,500 0.039
6 66.9 267.6 384 1,888 365.4 3,500 0.057
5 57.3 229.2 46.8 2,606 469.3 3,500 0.074
4 45.6 182.4 50.4 3,323 553.3 3,500 0.086
3 33.0 132.0 53.6 4,041 617.4 3,500 0.100
2 19.6 784 47.6 4,758 661.6 3,500 0.098
| 7.7 30.8 30.8 5,476 703.2 4300 0.056
@) ~— T N (b) 7,,/(— f’,
I\ /DN A
A DY Z ZV/dy/ZV/ﬂ/
A /N A T2 A 1
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Figure 6.19 Bending moment diagrams due to (a) gravity and (b) earthquake loads.
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6.8.3.2 Beam design checks

For illustration, the beam design checks are performed for a critical member, which is the
3 m internal beam located at the second floor (Element 17 in Figure 6.18). The internal
forces at both ends of the member are listed in Table 6.6.

Based on the values from the table, the seismic demands on the beam are
Mg, =-33.2+(-392.6) =—425.8 kN m

Ng; =24.7+0=24.7kN

Vid =Viaot Veam=45.1+ (603 +603)/3.0 =447.1 kN

According to Cl. 6.6.2(2) of EC8 and considering the properties of the beam section
(which is Class 1 according to EC3):

Mgy < My, gg — 425.8 <2194.10 x 275.10° — 425.8 kN m < 603 kN m

Ny < 0.15.N gy — 24.7 < 0.15 x 116.4.104 x 275.10° — 24.7 kN < 480 kN
Vg < 0.5V, pg — 447.1 < 0.5 x 59.87.10-4 x 275.10%3 — 447.1 kN < 476 kN

6.8.3.3 Column design checks

The columns should be capacity designed based on the weak beam-strong column approach.
Accordingto Cl. 6.6.3 of EC8, the design forces are obtained using the following combination:

Eq = Ejcreosoe +1.170,Q2E,; ¢

Table 6.6 Internal forces in element 17

Left end Right end
G+ 0.3Q, E G+ 0.3Q, E
M -33.2 392.6 -332 -392.6
v 45.1 -261.7 —45.1 -261.7

N 24.7 0 247 0
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Table 6.7 Internal forces in element 4

Bottom end Top end
G, +0.3Q, E G, +0.3Q, E
M 233 —-3834 —44.6 148.7
v -15.8 123.7 —-15.8 123.7
N —-15024  -755.0 -14954  -755.0

where
Y.» 18 the over-strength factor assumed as 1.25.
Q=min (M, /M) = 603/425.8 = 1.42.

The column design combination is therefore:

Eq = EjcGreos0e +1.95E; ¢

The design forces for a critical column (Element 4 in Figure 6.18) are presented in Table 6.7

for illustration.

Based on these values, the seismic demands at the bottom end of the column are

Mp;=23.3+1.95x%x(-383.4)=-724.3 kN m
Np;=-1502.4+1.95 x (-755.0) =-2974.7 kN
Veg=-15.8+1.95%123.7=2254kN

The design checks are performed according to EC3. For brevity, only cross-section checks
are presented, but clearly all EC3 resistance checks including those for member stability
should also be satisfied. Considering the properties of HEA450 section (which is Class 1

according to EC3):

Miy/Myra+ (Nga/Nyra)* < 1.0

724.3/(5591.10-6 x 275.10%) + (2974.7/254.10~4 x 275.10°)2 < 1.0
0.47+0.18<1.0

0.65<1.0

Vig 0.5 Ve

225.4<0.5%83.72 x 104 x 275 x 1033

2254 kN <665 kN

In addition to the member checks, Cl. 4.4.2.3(4) of EC8 also requires that at every joint

the following condition is satisfied:

where XMy, and XMy, are the sum of the design moments of resistance of the columns and
of the beams framing the joint, respectively. For illustration, this check is performed for an

internal joint located at the first floor of the frame:



Design of steel structures 183

SMy, =2 x 5591.106 x 275.103 = 3,075 kN m
My, =2787.1076 x 275.10% + 2194.10-6 x 275.10% = 1,370 kN m
SMy/SMg, = 1.3

6.8.3.4 Joint design checks

According to Cl. 6.6.3(6) of EC8, the web panel zones at beam-to-column connections
should be designed to resist the forces developed in the adjacent dissipative elements, which
are the connected beams. For each panel zone, the following condition should be verified:

Vupra o
pr,Rd

where V,, p4 is the design shear force in the web panel accounting for the plastic resis-
tance of the adjacent beams/connections and V,,, r, is the shear resistance of the panel zone
according to EC3. For illustration, these checks are performed for an internal and an exter-
nal panel.

External Panel Zone: (HEA 550 + IPE 550)

Vipd = Myiwa__ 766 - 1,438 kN
T dy — 1) (0.550-0.0172)

V. _ 0.9 x fy,wc X Avc + 4% Mpl,chRd
ki (N’3X'YMO) (db _thf)
~0.9%275.10°x83.72.10* = 4x0.300x0.024> x 275.10°

+
J3x1 (4%(0.550-0.0172))
=1,196+89=1,285kN

(Cl. 6.2.6 of EC3 Part1-8)

V, .
Vupra 1438 5 4 6 Doubler plate required!
Vapra 1,285

Internal Panel Zone: (IPE 550 + HEA 550 + IPE 500)

Vipra 2XMyy 1370 _ 503
(dy—t)  (0.500-0.016)

Vipea _ 2,831

>1.0 — Doubler plates required
Vipra 1,285

Design of a single supplementary doubler plate with a length of 300 mm:

Vipra> 1,438 kN
1,285 + 24, % 0.300 x 0.9 * 275.10343 > 1438

ty,23.6 mm — £, =4 mm
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6.8.4 Damage limitation

According to Cl. 4.4.3.2(1) for the damage limitation (serviceability) limit state:
dv<0.01h

where d, is the design inter-storey drift, v is a reduction factor that takes into account the lower
return period of the frequent earthquake and is assumed as 0.5, and 4 is the storey height. The
limit of 1% is applicable to cases where the non-structural components are fixed to the struc-
ture in a way that does not interfere with structural deformation. For cases with non-ductile
or brittle non-structural elements, this limit is reduced to 0.75% and 0.5%, respectively.
Based on the results provided in Table 6.5, the maximum inter-storey drift occurs at the

third floor:

d,=53.6 mm
d,v<0.01h

53.6 x0.5<0.01 x3500
26.8 mm < 35 mm

6.9 DESIGN EXAMPLE: CONCENTRICALLY BRACED FRAME

6.9.1 Introduction

The same eight-storey building considered previously is utilised in this example. The main
seismic design checks are carried out for a preliminary design according to EN 1998-1. For
the purpose of illustrating the checks in a simple manner, consideration is only given to the
lateral system in the X-direction of the plan, in which resistance is assumed to be provided
by CBFs spaced at 8 m. With reference to the plan shown before in Figure 6.17, eight braced
frames are considered at grid lines 1, 3, 5, 7, 9, 11, 13 and 15. It is also assumed that an
independent bracing system is provided in the transverse (Y) direction of the plan. Grade
S275 is considered for the structural steel used in the example.

6.9.2 Design loads

The gravity loads per unit area are the same as those adopted in the moment frame example
as indicated in Table 6.3. The equivalent lateral seismic loads are evaluated based on an
estimated fundamental period of 0.62 s using the simplified expression proposed in EC8
(Cl. 4.3.3.2.2). The behaviour factor considered is 4 and the total seismic mass is 8208 tons.
Accordingly, the resulting base shear is estimated as 14,302 kN. The design base shear per
frame is therefore considered as 1,788 kN.

The moment frame located on GL1 is selected for illustration in this example. Although
the structure is symmetric in plan, an account should be made for torsional effects, result-
ing from the accidental eccentricity. Using the simplified approach suggested in Clause
4.3.3.2.4(1) of EC8, and for the purpose of preliminary design, the design base shear for
this frame is increased by a factor of about 1.3 to approximately 2,324 kN. The base shear
is applied to the frame in the form of floor loads distributed in proportion to the mass and
height of each floor, as given in Table 6.8.

The frame on GL1 was firstly designed for the non-seismic/gravity loading combinations
corresponding to both ultimate and serviceability limit states according to the provisions
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Table 6.8 Floor seismic loads (frame on GLI)

Floor Seismic force (kN)

3244
4743
408.8
3433
277.5
212.0
146.2
137.6

— N W h U1 0NN ©

of EC3 (EN1993-1). On this basis, the initial column sections adopted were HEB300 for
the four lower stories and HEB220 for the upper five stories. For the beams, IPE450 was
selected for the 3 and 8.5 m beams, whilst IPE 550 was necessary for the 10 m beams
located on the first floor.

6.9.3 Seismic design checks
6.9.3.1 General considerations

A preliminary elastic analysis was first carried out using the estimated seismic loads for the
frame incorporating the initial member sizes. Preliminary considerations indicated that a
suitable arrangement consists of X-bracing over each two consecutive storeys on the 8.5 m
bays. Due to the different height of the first storey, there is a change of brace angle at this
level, which requires particular attention when examining the actions on the first floor
beams. The initial column sizes were increased to HEM 360 in the lower four storeys and to
HEB320 in the upper five storeys, in order to satisfy strength and damage limitation require-
ments. The drifts and lateral shears related to the modified frame are given in Table 6.9,
whilst the four different sizes selected for the braces are indicated in Table 6.10.

In the elastic analysis, the columns were assumed to be continuous along the height and
pinned at the base. Beams and bracing members were also considered pinned at both ends.
A view of the frame model indicating the element numbering is provided in Figure 6.21.
The results of the elastic analysis for the seismic loading combination are initially used in
the evaluation of the inter-storey drift sensitivity coefficients, which are listed in Table 6.9.
As shown in the table, 6 does not exceed the limit of 0.1 and hence second-order effects do
not have to be considered in the analysis.

Table 6.9 Calculation of the inter-storey drift sensitivity coefficient

Level d,(mm) d,(mm) d,(mm) P, (kN) V., (kN) h(mm) 0

8 91.0 364.0 5.6 453 324.4 3,500 0.004
7 924 369.6 68.4 1,171 798.7 3,500 0.043
6 753 301.2 37.6 1,888 1,207.5 3,500 0.021
5 65.9 263.6 56.8 2,606 1,550.8 3,500 0.029
4 51.7 206.8 57.6 3,323 1,828.3 3,500 0.028
3 373 149.2 36.8 4,041 2,040.3 3,500 0.0I6
2 28.1 112.4 304 4,758  2,186.5 3,500 0.013
|

20.5 82.0 82.0 5,476 2,324.1 4,300 0.027
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Table 6.10 Axial forces in the braces for the seismic
combination

Storeys  Element no. Section N, (kN)
| 69 200 x 120 x 12.5 1,601
70 200 x 120 x 12.5 1,336
2 71 200 120 x 12.5 1,957
72 200 x 120 x 12.5 1,653
3 73 200 x 100 x 10.0 1,056
74 200 x 100 x 10.0 1,125
4 75 200 x 100 x 10.0 1,291
76 200 x 100 x 10.0 1,339
5 77 200 x 100 x 8.0 788
78 200 x 100 x 8.0 868
6 79 200 x 100 x 8.0 975
80 200 x 100 x 8.0 1,038
7 8l 200 x 100 x 5.0 212
82 200 x 100 x 5.0 274
8 83 200 x 100 x 5.0 335
84 200 x 100 x 5.0 387
66 67 68
31 o 32| 33 ’ % 34
61 _q’ 62 | 63 64 . A°° 65
| &7 o8| 2 ¥ 30
58 ) 59 | 60
23| 02| 28| . o %
53 54 | 55 | 56 2 57
1| 7 20l 2| 7 2
’ 50 ] 51 | 52
15| o 16l 17) Lo 18
45 {\ 46 | a7 48 ™ A/\ 49
1| 2 12 13| ¥ "”‘~~‘..._14
42 ] 43 | 44
7 78 9 410
35 36™. 37 | 38 39" 40 41
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Figure 6.21 Frame model with element numbers.

6.9.3.2 Brace design checks

The design checks for the braces are conducted based on the axial forces, given in Table 6.10,
from the structural analysis for the seismic design combination. Applying Cl. 6.7.3(5) (i.e.
Npy<N,gg) and Cl. 6.7.3 (1) (i.e. .3<A <2.0) of EC8 for a critical brace in the frame
(Element 71 in Figure 6.21) as an illustration:
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Table 6.1 Summary of design checks for the braces

Storeys  Element no. Section Lambda bar ~ Nygy/Negy = Q2
I 69 200 x 120 x 12.5 1.50 1.24
70 200 x 120 x 12.5 1.50 1.48
2 71 200 x 120 x 12.5 1.36 1.01
72 200 x 120 x 12.5 1.36 1.20
3 73 200 x 100 x 10.0 1.59 1.43
74 200 x 100 x 10.0 1.59 1.34
4 75 200 x 100 x 10.0 1.59 .17
76 200 x 100 x 10.0 1.59 .13
5 77 200 x 100 x 8.0 1.56 1.56
78 200 x 100 x 8.0 1.56 1.42
6 79 200 x 100 x 8.0 1.56 1.26
80 200 x 100 x 8.0 1.56 [.19
7 8l 200 x 100 x 5.0 1.52 3.72
82 200 x 100 x 5.0 1.52 2.88
8 83 200 x 100 x 5.0 1.52 236
84 200 x 100 x 5.0 1.52 2.04

Npy<Nypg— 1957 <721 x 104 x 275 x 103 > 1,957 kN < 1,983 kN
A =L, ix1/\

L.,=551m

=0.0466 m

A =93.9x\(235/275) = 86.8

L =(5.51/0.0466) x (1/86.8) =1.36 < 2.0

~.

The design checks for the remaining braces are summarised in Table 6.11.

In addition to the checks presented above, EC8 stipulates in Clause 6.7.3 (8) that the
maximum brace over-strength (Q) does not differ from the minimum value by more
than 25%. As shown in Table 6.11, for this preliminary design, the over-strength in
the braces exceeds this limit in several cases, with notable differences at the two upper
storeys. As discussed before in Section 6.5, enforcing this limit can lead to impractical
and inefficient design and may not be necessary if continuous and relatively stiff columns
are adopted as is the case in this example. By increasing the brace sizes significantly
throughout the frame, the code limit may be satisfied, yet this will be at the expense of
the efficiency of the design; difficulties will also be encountered in satisfying the lower
slenderness limit of 1.3, which is another limit that can be replaced by appropriate con-
sideration of the post-buckling residual compressive capacity of the braces in the design
of the frame.

6.9.3.3 Other frame members

Beams and columns, as well as connections, should be capacity designed to ensure that dis-
sipative behaviour is provided primarily by the braces. According to Clause 6.7.4 of EC8,
the design forces are obtained using the following combination:

Eq = Eqcreoz0e +1.1.7,,QE, &
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where
Y., is the over-strength factor assumed as 1.25
Q=min (N, g ,/Ngy,) =1983/1957 =1.01

The design combination is therefore:
Eq = Eicreo30e +1.39 - B

The design forces for a critical beam (Element 42 in Figure 6.21) and a critical col-
umn (Element 10 in Figure 6.21) are presented in Tables 6.12 and 6.13, respectively, for
illustration.

Based on these values, the seismic demands at mid-span of the beam are

M,,;=248.5+1.39 x0=248.5kN - m
Ny, =-3.6 +1.39 x (-908.1) =—1,266 kN
VEd: O kN

The design checks are performed according to EC3. For brevity, only cross-section checks
are presented, but clearly all EC3 resistance checks including those for member stability
should also be satisfied. Considering the properties of IPE450 section (which is Class 1
according to EC3):

Mgg/My rg+ (Nga/ Ny ra)* < 1.0

248.5/(1,702 x 1076 x 275 x 103) + (1,266/98.8 x 104 x 275 x 103)2< 1.0
0.53+0.22<1.0

0.75<1.0

On the other hand, the seismic demands on the top end of the selected column are

Mgp;=-95.6 +1.39 x(-321.9) =-543 kN m
Np;=-2555.3+1.39 x(-1600.5) =-4,780 kN
Viea=471+1.39x139.4 =241 kN

Table 6.12 Internal actions in the critical
beam (element 42)

Mid-span
G+ 0.3Q, E
M 248.5 0.0
% 0.0 0.0
N -3.6 —908.1

Table 6.13 Internal actions in element 10

Bottom end Top end
G+ 0.3Q, E G+ 0.3Q, E
M 106.7 259.1 —95.6 -321.9
4 -57.8 —-166.0 47.1 139.4

N —1432.3 —2555.3 —1200.3 —1600.5
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For brevity, only cross-section checks are presented, but clearly all EC3 resistance checks
including those for member stability should also be satisfied. Considering the properties of
HEM360 section (which is Class 1 according to EC3):

Mig/Myra+ (Nga/Nyjra)* < 1.0

543/(4,989 x 1076 x 275 x 103) + (4,780/319.104 x 275 x 103)2< 1.0
0.40+0.30<1.0

0.70<1.0

Via 0.5V, ks

241<0.5%x102.4 x 104 x 275 x 1033

241 kN < 813 kN

6.9.4 Damage limitation

According to Clause 4.4.3.2(1), for the damage limitation (serviceability) limit state:
d,-v<0.01-h

where d, is the design inter-storey drift, v is a reduction factor that takes into account the lower
return period of the frequent earthquake and is assumed 0.5, and 5 is the storey height. The
limit of 1% is applicable to cases where the non-structural components are fixed to the struc-
ture in a way that do not interfere with structural deformation. For cases with non-ductile or
brittle non-structural elements this limit is reduced to 0.75% and 0.5%, respectively.

Based on the results provided in Table 6.9, the maximum inter-storey drift occurs at the
seventh storey:

d,=68.4 mm
d,v<0.01h
68.4x0.5<0.01x3,500
34.2 mm< 35 mm
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7.1 INTRODUCTION

The design of composite steel/concrete buildings in EC8, covered in Section 7 of EN1998-1
(2004), largely follows the general methodology adopted for steel structures (Section 6 of
EN1998-1). Accordingly, most of the approaches and procedures discussed in the previ-
ous chapter also apply to composite steel/concrete structures, with some differences related
mainly to ductility requirements and capacity design considerations. This chapter highlights
these differences, discusses a number of key behavioural and design aspects, and concludes
with an illustrative design example.

193
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Three general ‘design concepts’ are stipulated in Section 7 of EN1998-1, namely:

1. Concept a: Low-dissipative structural behaviour, which refers to DCL in the same
manner as in steel structures. In this case, a behaviour factor of 1.5-2 (recommended
as 1.5) can be adopted based largely on the provisions of EC3 (EN1993) and EC4
(EN1994) for steel and composite components, respectively.

2. Concept b: Dissipative structural behaviour with composite dissipative zones. In this
case, DCM and DCH design can be adopted with additional rules to satisfy ductility
and capacity design requirements as discussed in subsequent sections of this chapter.

3. Concept c: Dissipative structural behaviour with steel dissipative zones. In this case,
critical zones are designed as steel to Section 6 of EN1998-1 in the seismic situation,
although other ‘non-seismic’ design situations may consider composite action to EC4
(EN1994). Therefore, specific measures are stipulated to prevent the contribution of
concrete under seismic conditions.

This chapter deals primarily with concept b, in which composite dissipative zones are
expected, but some discussion of concept ¢, which implies steel-only dissipation, is also
included. After outlining the structural types and associated behaviour factors, as stipulated in
Section 7 of EN1998-1, the main ductility and capacity design requirements are summarised.
Emphasis is then given to discussing design procedures related to composite beam and col-
umn members within moment frames and other lateral-resisting structural configurations.

7.2 STRUCTURAL TYPES AND BEHAVIOUR FACTORS

The same upper limits of the reference behaviour factors specified for steel framed structures
(Section 6 of EN1998-1) are also employed in Section 7 of EN1998-1 for composite struc-
tures. This applies to composite moment-resisting frames, composite concentrically braced
frames and composite eccentrically braced frames. However, whilst in composite moment
frames the dissipative beam and/or column zones may be steel or composite, the dissipative
zones in braced frames are, in most cases, only allowed to be in steel. In other words, the
diagonal braces in concentrically braced frames, and the bending/shear links in eccentrically
braced frames, should in most cases be designed and detailed such that they behave as steel
dissipative zones. This limitation is adopted in the code as a consequence of the uncertainty
associated with determining the actual capacity and ductility properties of composite steel/
concrete elements in these configurations. As a result, the design of composite braced frames
follows very closely those specified for steel, and are therefore not discussed in detail herein.
On the other hand, several specific criteria related to the dissipative behaviour of composite
moment frames are addressed in subsequent sections of this chapter.

A number of additional composite structural systems are also referred to in Section 7 of
EN1998-1, as indicated in Table 7.1, including

e Steel or composite frame with connected infill concrete panels (Type 1), or rein-
forced concrete walls with embedded vertical steel members acting as boundary/edge
elements (Type 2).

¢ Steel or composite coupling beams in conjunction with reinforced concrete or composite
steel/concrete walls (Type 3).

e Composite steel plate shear walls consisting of vertical continuous steel plates with
concrete encasement on one or both sides of the plates and steel/composite boundary
elements.
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Table 7.1 Structural types and behaviour factors

g-factor
Structural Type DCM DCH
Steel or composite frame Encased steel boundary elements Joajo, 4o/a
Concrete infill panels Reinforced concrete walls
/ Connected to frame
il
Typel Type 2
o, /oy=1.1 o, /o =11
RC or composite walls 3o /o, 45 o/0,
Steel or composite
Coupling beams
Type 3
o, /oy =11
Steel or composite Joajo, 4o/a

Boundary elements
Steel plate with RC encasement
On one or both faces

Composite steel plate shear walls
o, /oy =12

Note: Additional to those in Section 6 of EN1998-I.
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The upper limits of reference g for the above-listed systems are shown in Table 7.1 for
DCM and DCH. As noted in previous chapters, these reference values should be reduced by
20% if the building is irregular in elevation. Also, an estimate for the multiplier o, /0, may
be determined from conventional non-linear ‘push-over’ analysis, but should not exceed 1.6.
In the absence of detailed calculations, the default value of o, /0, may be assumed as 1.1 for
Types 1 through 3. For composite steel plate shear walls, the default value may be assumed
as 1.2. It should be noted that for buildings that are irregular in plan, the default values of
o,/a,; should be assumed as 1.05 and 1.1 for Types 1 through 3 and composite steel plate
shear walls, respectively. In terms of dissipative zones, these can be located in the vertical
steel sections and in the vertical reinforcement of the walls. The coupling beams in the case
of Type 3 can also be considered as dissipative elements.

7.3 DUCTILITY CLASSES AND RULES FOR CROSS-SECTIONS

As in the case of dissipative steel zones, there is a direct relationship between the ductil-
ity of dissipative composite zones, consisting of concrete-encased or concrete-infilled steel
members, and the cross-section slenderness. However, as expected, additional rules relating
to the reinforcement detailing also apply in the case of composite members, as discussed in
subsequent parts of this chapter.

If dissipative steel zones are ensured, the cross-section rules described in the previ-
ous chapter and in Section 6 of EN 1998-1 should be applied. For dissipative composite
sections, the beneficial presence of the concrete parts in delaying local buckling of the
steel components is accounted for by relaxing the width-to-thickness ratio as indicated in
Table 7.2.

In Table 7.2 (which is adapted from Table 7.3 of EN1998-1), partially encased elements
refer to sections in which concrete is placed between the flanges of I or H sections, whilst
fully encased elements are those in which all the steel section is covered with concrete.
The cross-section limit ¢/t refers to the slenderness of the flange outstand of length ¢ and
thickness ¢, The limits in hollow rectangular steel sections filled with concrete are rep-
resented in terms of h/t, which is the ratio between the maximum external dimension h
and the tube thickness . Similarly, for filled circular sections, d/t is the ratio between the
external diameter d and the tube thickness #. The limits for partially encased sections may
be relaxed even further if special additional details are provided to delay or inhibit local
buckling. These aspects are discussed in subsequent sections of this chapter within the
provisions related to the ductility and capacity design requirements in composite members
and components.

Table 7.2 Cross-section requirements based on ductility classes and reference q factors

Ductility classes and  Partially or fully encased Concrete-filled Concrete-filled circular
reference q factors H/I sections rectangular sections sections

DCM d/t <90 (235/f))
(q< 1.5-2.0) c/te <20,/235/f, hit < 52,/235/f, y
DCM d/t <85 (235/f)

< <

(15-2.0 < q < 4.0) clte <14,/235/f, hit < 38,/235/f, y
DCcM ch < 92351f, hit < 24,[2351f, dit <80 (235/f)

(g>4.0)
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7.4 REQUIREMENTS FOR CRITICAL COMPOSITE ELEMENTS

7.4.1 Beams acting compositely with slabs

For beams attached with shear connectors to reinforced concrete- or composite-profiled
slabs, a number of requirements are stipulated in Section 7.6.2 of EN1998-1 in order to
ensure satisfactory performance as dissipative composite elements (concept b). These require-
ments comprise several criteria including those related to the degree of shear connection,
ductility of the cross-section and effective width assumed for the slab.

Dissipative composite beams may be designed for full or partial shear connection accord-
ing to EC4 (EN1994-1, 2004). However, the minimum degree of connection should not be
lower than 80%. This is based on previous research studies (e.g. Bursi and Caldara, 2000;
Bursi et al., 2005) which indicate that, at reduced connection levels, the connectors may be
susceptible to low cycle fatigue under seismic loading. The total resistance of the shear con-
nectors within hogging moment regions should also not be less than the plastic resistance of
the reinforcement. In addition, EC8 requires the resistance of connectors (as determined from
EC4) to be reduced by a factor of 75%. These two factors of 0.8 and 0.75, therefore, have
the combined effect of imposing more than 100% in terms of degree of shear connection.

EC8 requirements also aim to ensure ductile behaviour in composite sections by limiting
the maximum strain that can be imposed on concrete in the sagging moment regions of the
dissipative zones. This is achieved by limiting the ratio x/d, as shown in Figure 7.1, where x
is the distance from the neutral axis to the top concrete compression fibre and d is the overall
depth of the composite section, such that

€an

To Fer (7.1)
d €un T &, :

in which €_,, is the ultimate compressive strain of concrete and ¢, is the total strain in steel
at the ultimate limit state.

The code includes a table (Table 7.4 in EN1998-1), which proposes minimum values of
x/d that are deemed to satisfy the ductility requirement depicted in Equation 7.1. The values
are provided as a function of the ductility class (DCM or DCH) and yield strength of steel
(f,). Close observation of the limits stipulated in Table 7.4 of EN1998-1 suggests that they
are derived based on assumed values for €, of 0.25% and ¢, of g x &, where €, is the yield
strain of steel.

For dissipative zones of composite beams within moment frames, EN1998-1 requires
the inclusion of ‘seismic bars’ in the slab at the beam-to-column connection region. The
objective is to incorporate ductile reinforcement detailing to ensure favourable dissipative
behaviour in the composite beams. The detailed rules are given in Annex C of EN1998-1 and

d Plastic neutral axis

Figure 7.1 Ductility of dissipative composite beam section under sagging moment.
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include reference to possible mechanisms of force transfer in the beam-to-column connec-
tion region of the slab. The provisions are largely based on background European research
involving analytical and experimental studies (Plumier et al., 1998; Bouwkamp et al., 1998;
Doneux and Plumier, 1999). It should be noted that Annex C of the code only applies to
frames with rigid connections in which the plastic hinges form in the beams; the provisions
in the annex are not intended, and have not been validated, for cases with partial strength
beam-to-column connections.

Another important consideration related to composite beams is the extent of the effective
width b,; assumed for the slab, as indicated in Figure 7.1. EN1998-1 includes two tables
(Tables 7.5 T and 7.5 II in the code) for determining the effective width. These values are
based on the condition that the slab reinforcement is detailed according to the provisions of
Annex C since the same background studies (Plumier et al., 1998; Bowkamp et al., 1998;
Doneux and Plumier, 1999) were used for this purpose. The first table (7.5 I) gives values
for negative (hogging) and positive (sagging) moments for use in establishing the second
moment of area for elastic analysis. These values vary from zero to 10% of the beam span
depending on the location (interior or exterior column), the direction of moment (negative
or positive) and existence of transverse beams (present or not present). On the other hand,
Table 7.5 II of the code provides values for use in the evaluation of the plastic moment resis-
tance. The values in this case are as high as twice those suggested for elastic analysis. They
vary from zero to 20% of the beam span depending on the location (interior or exterior
column), the sign of moment (negative or positive), existence of transverse beams (present or
not present), condition of seismic reinforcement, and, in some cases, on the width and depth
of the column cross-section.

Clearly, design cases other than the seismic situation would require the adoption of the
effective width values stipulated in EC4 (EN1994-1, 2004). Therefore, the designer may
be faced with a number of values to consider for various scenarios. Nevertheless, since
the sensitivity of the results to these variations may not be significant (depending on the
design check at hand), some pragmatism in using these provisions appears to be warranted
(Elghazouli, 2015). Previous research studies (Castro and Elghazouli, 2002; Amadio et al.,
2004; Castro et al., 2007) indicate that the effective width is mostly related to the full slab
width, although it also depends on a number of other parameters such as the slab thickness,
beam span and boundary conditions.

7.4.2 Partially encased members

Partially encased members, in which concrete is placed between the flanges as shown in
Figure 7.2a, are often used in beams and columns. This configuration offers several advan-
tages in comparison with bare steel members particularly in terms of enhanced fire resistance

(b)

N\
N
\
N
e

N\ANARARNANN

AN

%

P

v
2
%
2
?
% %

N
\
\
N
\
\
N

Figure 7.2 Partially encased composite sections. (a) Cross-section configuration and (b) straight bars welded
to flanges.
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(Schleich, 1988) as well as improved ductility due to the delay in local flange buckling
(Ballio et al., 1987). In comparison with fully encased alternatives, this type of member
enables the use of conventional steel connections to the flanges and reduces or eliminates
the need for formwork. Several background studies on the inelastic behaviour of this type of
member can be found elsewhere (Elghazouli and Dowling, 1992; Elghazouli and Elnashai,
1993; Broderick and Elnashai, 1994; Plumier et al., 1994; Elghazouli and Treadway, 2008).

Specific provisions for partially encased members are mainly included in Sections 7.6.1
and 7.6.5 of EN1998-1. In dissipative zones, the slenderness of the flange outstand should
satisfy the limits given in Table 7.2 above. However, if straight links welded to the inside
of the flanges (as shown in Figure 7.2b) are provided in the dissipative zones at a spacing s,
(along the length of the member) which is less than the width of the flange outstand (i.e.
s;/c < 1.0), then the flange slenderness limits can be relaxed. For s,/c < 0.5, the limits in
Table 7.2 can be increased by 50%, and for 0.5 <s,/c < 1.0 linear interpolation can be
employed. The weld of the straight bars should have a capacity of at least that of the tensile
resistance of the bars. Also, a concrete cover of between 20 and 40 mm should be present,
with the upper limit ensuring the effectiveness of the bar in delaying local flange buckling.
The diameter d,,, of the straight welded bars should not be less than the larger of 6 mm or
the value of

tib fra
Ay 2 /f—y—f 7.2
’ 8 fydw ( )

in which b is the overall width of the flange and ¢, is the flange thickness, whilst £, ;-and £, ,,
are the design yield strengths of the flange and straight welded bars, respectively.

Irrespective of whether straight-welded bars are employed or not, the longitudinal spacing
of confining reinforcement within dissipative zones of partially encased members should be
limited in order to ensure an adequate level of concrete integrity. This provision becomes
particularly important if local buckling cannot be prevented at large inelastic deformation
levels. The length I, of the critical dissipative zones, and the minimum longitudinal spacing
s, need to be established for DCM and DCHj these requirements, which are also stipu-
lated for fully encased members as noted in the following section, are largely based on the
provisions for reinforced concrete members (Section 5 in EN1998-1) as discussed earlier in
Chapter 5 of this book.

7.4.3 Fully encased columns

Composite members in which steel members are fully encased with concrete, as shown for
example in Figure 7.3a, are often used as column elements in multi-storey buildings. These
members clearly have inherent fire resistance properties and can provide relatively high axial
and lateral loading capacity as well as significant ductility if properly designed and detailed.

A number of detailing requirements for fully encased composite columns are stipulated in
Section 7.6.4 of EN1998-1. Although, in principle, the intended plastic mechanisms in frame
systems may only imply the formation of column dissipative zones at the base and perhaps
at the top storey, it is important that ductile detailing is provided in other critical column
regions due to the adverse consequences of overstressing non-ductile concrete. This treat-
ment is similar to that employed in the detailing of reinforced concrete columns (Chapter 5
of this book and Section 5 of EN1998-1) since the possibility of yielding in regions other
than the intended dissipative zones exists due to factors such as higher dynamic modes,
inelastic contra-flexure, bi-directional effects, amongst others.
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Figure 7.3 Concrete encased open sections and concrete infilled tubular sections. (a) Fully encased section.
(b) Infilled section.

As noted above, the detailing rules for critical regions are largely based on those for rein-
forced concrete columns. The length [, of the critical regions at the two ends of columns in
moment frames depend on the length and depth of the column as well as on the ductility
class (DCM or DCH). The code gives an expression (Equation 7.5 in EN1998-1) for the
minimum volumetric ratio of hoop reinforcement. The spacing s of the confining hoops in
the critical regions should also satisfy minimum values (Equations 7.7-7.9 in EN1998-1),
which depend on dimensions of the concrete core, diameter of the longitudinal bars and the
ductility class. The diameter d,,, of the hoops should satisfy minimum values (Equations
7.7-7.9 in EN1998-1) as a function of the ductility class and the maximum diameter of the
longitudinal bars, as well as the yield strength of both the hoop and longitudinal reinforce-
ment. Also, the minimum cross-section dimensions should not be less than 250 mm.

As indicated in Table 7.2, the code suggests the same flange slenderness limits for fully
encased members as those for partially encased sections on the basis that the concrete cover
is ineffective in providing additional restraint against local buckling. However, the presence
of closely spaced confining hoops can clearly have a beneficial effect in delaying local flange
buckling. Accordingly, this is treated in the code in the same manner as that of welded
straight bars in partially encased members as discussed in the previous section. Therefore,
if hoops are provided with spacing s, which is less than the width of the flange outstand
(i.e. s/c < 1.0), then the flange slenderness limits can be relaxed. For s/c < 0.5, the limits in
Table 7.2 can be increased by up to 50%, and for 0.5 < s/c < 1.0 linear interpolation can
be employed. Again, the diameter d,,, of the confining hoops used to delay local buckling
should satisfy the minimum value resulting from Equation 7.2 above.

7.4.4 Filled composite columns

Tubular steel members of rectangular or circular/oval cross-sections can be filled with con-
crete to provide a highly effective solution for columns in buildings. Figure 7.3b shows an
example of a rectangular hollow section filled with concrete. This type of member combines
aesthetic appearance with favourable structural properties including stiffness, capacity and
ductility, as well as enhanced fire resistance in comparison with bare steel configurations.
As for other types of composite member, the design should conform to the requirements of
Eurocode 4 (EN1994, 2004). Additional specific criteria for filled columns are brief in EC8 and
are given mainly in Section 7.6.6 of EN1998-1. For dissipative zones, the cross-section slen-
derness, represented by d/t or h/t, should satisfy the limits given in Table 7.2. Also, as for other
types of composite member, the shear resistance in dissipative zones should be determined on
the basis of the structural steel section only. However, it can also be based on the reinforced
concrete section with the steel hollow section considered only as shear reinforcement.
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In general, whether the member is encased or infilled, if the concrete is assumed to con-
tribute to the axial and/or flexural resistance, complete shear transfer between the steel
and reinforced concrete parts should be ensured. Due to the expected detrioration in shear
strength under cyclic loading conditions, the design shear strength given in EC4 (EN1994-
1, 2004) should be reduced by 50%. If shear transfer cannot be achieved through bond
and friction, shear connectors should be provided to ensure full composite action. Also, in
composite columns that are subjected to predominantly axial loads, sufficient shear transfer
should be provided to ensure that the steel and concrete parts share the loads applied to the
column at connections to beams and bracing members.

7.5 DESIGN OF STRUCTURAL SYSTEMS

71.5.1 Composite moment frames

Composite moment frames, consisting of steel (or composite) columns and steel (or encased/
filled) beams acting compositely with reinforced concrete (or composite) slabs, can offer sev-
eral behavioural and practical advantages over bare steel and other alternatives. The seismic
behaviour of composite moment frames has been examined experimentally and analytically
by several researchers (e.g. Plumier et al., 1998; Leon, 1998; Leon et al., 1998; Hajjar et al.,
1998; Thermou et al., 2004; Spacone and El-Tawil, 2004; Bursi et al., 2004; Elghazouli
et al., 2008). Several of these studies, among others, have dealt with modelling and design
considerations including behaviour factors, slab effects, shear interaction, connections and
capacity design, and have contributed to the development of design codes such as AISC
(2010) and EC8 (EN1998-1, 2004).

Rules for the design and detailing of composite moment resisting frames are given in
Section 7.7 of EN1998-1. With the exception of a number of specific criteria, this section of
the code refers directly to the ductility and capacity design rules for steel moment frames (in
Section 6 of EN1998-1 and Chapter 6 of this book), as well as the requirements for critical
composite elements (Section 7.6 in EN1998-1) discussed above in Sections 7.3 and 7.4 of
this chapter.

An important consideration is related to the flexural stiffness assumed in analy-
sis. For composite beams, the code specifies two values EI; and EI, for positive bending
(uncracked section) and negative bending (cracked section) regions, respectively. However,
the code also allows the alternative use of an equivalent second moment of area El,,, which
can be kept constant over the entire length of the beam, such that

ElL, =0.6 EI, +0.4 EI, (7.3)

The above equation clearly provides a more convenient representation of the composite
beam for the purpose of analysis. On the other hand, if composite columns are used, the
composite flexural stiffness of the column (EI,,,,,) can be represented as

El oy =0.9 (El, +vE,,I. + EJI) (7.4)

where E and E_,, are the moduli of elasticity for steel and concrete, respectively, while I,
I. and I, are the second moments of area for the steel section, concrete and reinforcement,
respectively. The recommended value of r, which accounts for the influence of concrete
cracking, is 0.5.

For composite columns, the code limits the applied axial load N, to 30% of the plastic
axial plastic capacity of the cross-section Nz, to ensure that ductility is not significantly
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Figure 7.4 View of column panel zone in a composite moment frame during testing.

reduced. The use of composite trusses as dissipative beams is also not permitted due to the
uncertainty related to their performance under inelastic cyclic loading.

For steel panel zones in composite moment frames, as illustrated in Figure 7.4, the code
refers to the rules for steel moment frames in Section 6 of EN1998-1. Previous studies
(Castro et al., 2005) have, however, shown that the behaviour of panel zones in composite
moment frames differs from that in steel moment frames due to the variation is stress distri-
bution and distortional demand imposed on the panel. Accordingly, expressions used for the
modelling and assessment for panel zones in steel frames may not be realistic for composite
frames, and would need to be modified in order to account for the influence of beam-slab
interaction.

For situations in which partially encased beams are utilised, the concrete encasement
of the column web may be accounted for in determining the resistance of the panel zone.
According to Section 7.5.4 of EN1998-1, the resistance can be evaluated as the sum of the
contributions from the concrete and steel panels. However, the aspect ratio of the panel
zone h,/b, has to be between 0.6 and 1.4, and the design shear force V,,, z, derived from the
plastic capacity of adjacent dissipative zones should be less than 80% of the shear resistance
V,.p.ra Of the composite steel-concrete web panel according to EN1994-1.

An important consideration is stipulated in Section 7.7.5 of EN1998-1 whereby the
dissipative zones at the beam ends of composite moment frames can be considered as steel-
only sections (i.e. following concept ¢). To achieve this, the slab needs to be totally discon-
nected from the steel members in a circular zone with a diameter of at least 2b  around
the columns, with b, determined on the basis of the larger effective width of the connected
beams. This ‘total disconnection” also implies that there is no contact between the slab and
the sides of any vertical element such as the columns, shear connectors, connecting plates,
corrugated flange, etc. A similar approach has also been used in hybrid flat slab-tubular
column connections (Eder et al., 2012), hence enabling the use of flat slabs in conjunction
with steel-only dissipative members.

The above consideration, of disregarding the composite action and designing for steel-
only dissipative zones, can be convenient in practical design (Elghazouli and Packer, 2014).
Clearly, two EI values for the beams need to be accounted for in the analysis: composite in
the middle and steel at the ends. The beams are composite in the middle, hence providing
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enhanced stiffness and capacity under gravity loading conditions. On the other hand, in
the seismic situation, the use of steel dissipative zones avoids the need for detailed consid-
erations in the slab, including those related to seismic rebars, effective width and ductility
criteria associated with composite dissipative sections. This consideration also implies that
the connections would be designed on the plastic capacity of the steel beams only. Also, the
columns need to be capacity designed for the plastic resistance of steel instead of composite
beam sections, which avoids over-sizing of the column members.

71.5.2 Composite — braced frames

As discussed before, in concentrically braced frames, the diagonal members, which are the
main dissipative zones, should be in steel only according to the provisions of EC8. On the
other hand, the beam and column members can be either steel composite. The seismic design
rules are therefore directly based on those for steel concentrically braced frames in Section 6
of EN1998-1, since the ductility and capacity design requirements are largely related to the
capacity of the diagonal braces. It should be noted, however, that buckling restrained braces
(or unbonded braces) are not covered by the current version of EC8.

For composite eccentrically braced frames, the design rules again follow closely those
stipulated for steel frames in Section 6 of EN1998-1. The code recommends that the link
zones are steel sections, which should not be encased, although it is noted that they can be
connected to the slab. The code stipulates that the links should be of short or intermediate
length, and provides a number of additional requirements. Most importantly, if the link
beam is connected to the slab, the concrete contribution should be ignored in determining
the resistance of the link except when performing capacity design checks for members and
components other than the dissipative zones.

7.5.3 Composite wall configurations

As discussed in Section 7.2, a number of composite wall systems are referred to in EN1998-
1. Specific criteria related to the design and detailing of these systems are given Section 7.10
of the code. These include several useful figures outlining detailing requirements for par-
tially encased and fully encased boundary elements for DCM and DCH, as well as details
for coupling beams framing into walls. This part of the code offers guidance for the design
and detailing of wall configurations including boundary elements, coupling beams and steel
plates. For most aspects, it refers to the provisions of reinforced concrete design (Section 6
of EN1998-1 and Chapter 5 of this book) as well as other parts of Section 7 of the code that
are related to rules for critical members.

7.6 OTHER DESIGN CONSIDERATIONS

In terms of material properties, apart from the requirements in the concrete and steel parts
in EC8 (Sections 5 and 6 of EN1998-1), additional criteria are specified in Section 7.2 of the
composite part (Sections 7 of EN1998-1). In dissipative zones, the concrete class should not
be less than C20/25 and not higher than C40/50; the upper limit is imposed since the use
of typical plastic capacity calculations for composite cross-sections may become unreliable
when concrete of relatively high strength is employed. For dissipative composite zones, the
reinforcement should be of Class B or C for DCM, and should be Class C for DCH. In addi-
tion, Class B or C reinforcement should be used in highly stressed regions of non-dissipative
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zones. Except for closed stirrups or cross ties, only ribbed bars are allowed as reinforcing
steel in highly stressed regions. It is also important to note that non-ductile welded meshes
are not recommended in composite dissipative zones. If they are used, ductile reinforcement
duplicating the mesh should be placed and their resistance should be accounted for.

A number of general requirements related to the design and detailing of dissipative zones
are also included in Sections 7.5 and 7.6 of EN1998-1. As in steel frames, it is stipulated that
dissipative zones may be located in the structural members or in the connections; accord-
ingly, capacity design checks of non-dissipative elements should be based on the plastic resis-
tance of either the dissipative members or connections, respectively. In general, two plastic
resistances for composite dissipative zones, reflecting the lower and upper bound estimates,
should be determined. The former considers only the steel and reliably ductile concrete por-
tions (for assessing the dependable resistance), whilst the latter accounts for the steel and
concrete portions (for determining the over-strength necessary for capacity design checks).

7.7 DESIGN EXAMPLE - COMPOSITE MOMENT FRAME

7.7.1 Introduction

The same eight-storey building considered in previous chapters is utilised in this example.
The layout of the structure is reproduced in Figure 7.5. The main seismic checks are carried
out for a preliminary design according to EN1998-1. Consideration is only given to the
lateral system in the X-direction of the plan, in which resistance is assumed to be provided
my moment resisting frames spaced at 4 m. It is also assumed that an independent bracing
system is provided in the transverse direction (Y) of the plan. Grades S275, S500 and C30/37
are assumed for structural steel, reinforcement and concrete, respectively.

The gravity and seismic loads are assumed to be the same as those adopted in the steel
moment frame example presented in the previous chapter (Tables 6.3 and 6.4 of Chapter 6).
As in the steel moment frame case, the example focuses on the design of the moment frame
located on GL2, as indicated in Figure 7.5.

The frame on GL2 was firstly designed for the non-seismic/gravity loading combinations
corresponding to both ultimate and serviceability limit states, according to the provisions
of EC3 (EN1993-1) and EC4 (EN1994-1). On this basis, the initial sections adopted were
partially encased HEA340 for all columns and IPE450 steel profiles (in conjunction with a
150 mm solid slab) for the beams. Composite action is achieved through the incorporation
of shear studs in order to attain full interaction according to the provisions of EC4.

71.7.2 Seismic design checks
7.7.2.1 Initial considerations

A preliminary elastic analysis was first carried out using the estimated seismic loads for
the frame incorporating the initial member sizes. These initial member sizes were, how-
ever, found to be inadequate to fulfil both strength and damage limitation requirements.
Accordingly, the partially encased columns were increased to HEAS500 in the lower four
storeys and to HEA450 in the upper storeys.

Concept b, in which the contribution of concrete is accounted for in dissipative zones,
is considered in this example. According to Cl. 7.6.3 of EN1998-1, the effective widths
assumed in the seismic analysis and design of the frame, are presented in Table 7.3. It is
assumed that seismic rebars can be anchored to a concrete cantilever edge strip or to a
transverse beam.
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Figure 7.5 Frame layout.

Table 7.3 Effective widths according to EC8

Analysis Resistance

Positive moment 2 x0.0375L=0.075L 2 x0.075L=0.I15L
Negative moment 2 x 0.05L=0.IL 2x0.IL=0.2L

According to Cl. 7.7.2(3) of EN1998-1, the structural analysis can be performed using
equivalent properties for the entire beam instead of considering two flexural stiffnesses
(for cracked and uncracked section). Therefore, El,, (as presented in Equation 7.3 above)
was used within a linear elastic analysis of the frame. A view of the frame model showing
the element numbers is shown in Figure 7.6. The results from the seismic loading combina-
tion are initially used in the evaluation of the inter-storey drift sensitivity coefficients 0 as
listed in Table 7.4. As shown in the table, 8 does not exceed the lower limit of 0.1 and hence
second-order effects do not have to be considered in the analysis.

7.7.2.2 Beam design checks

For illustration, the beam design checks are performed for one of the critical members,
which is the 3 m composite beam located on the third floor (Element 17 in Figure 7.6).
The internal forces at both ends of the member are listed in Table 7.5.

Based on the values from the table, the seismic demands on the beam are

Mg =-36.9+414.2=-377.3 kN m
Mg i =—36.9 + (—414.2) =—451.1 kN m

N;,=27.8+0.0=27.8 kN
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51 52 53
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37 38 39
33 34 35 36
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26 27 28 29
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Figure 7.6 Frame model with element numbers.

Table 7.4 Calculation of the inter-storey drift sensitivity coefficients

Level d,(mm) d (mm) d,(mm) P, (kN) V, (kN) h(mm) 0
8 77.7 310.8 16.4 453 98.2 3500 0.022
7 73.6 294.4 27.2 1170 241.7 3500 0.038
6 66.8 267.2 38.0 1888 365.4 3500 0.056
5 57.3 229.2 46.8 2606 469.3 3500 0.074
4 45.6 182.4 49.2 3323 553.3 3500 0.084
3 333 133.2 524 4041 617.4 3500 0.098
2 20.2 80.8 48.8 4758 661.6 3500 0.100
| 8.0 320 320 5476 703.2 4300 0.058

Table 7.5 Internal forces in Element 17

Left end Right end
G, +0.3Q, E G+ 0.3Q, E

M -36.9 414.2 -36.9 —414.2

v 452 -276.2 —45.2 -276.2

N 27.8 0.0 27.8 0.0
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According to Cl. 7.7.3(3) of EC8, which refers to Cl. 6.6.2(2), and considering the proper-
ties of the composite beam:

Mg e < My rg = 377.3 <704.0 kN m (considering 3 bars of 12 mm diameter within the
0.45 m of effective width)

Mg ight < My g = 451.1 < 529.8 kN m (considering 4 bars of 12 mm diameter within the
0.60 m of effective width)

Npy<0.15N,, g = 27.8 <0.15 x 98.8.10~ x 275.10% — 27.5 kN < 407.6 kN
Vg S 0.5V, kg = Vig= Vigo+ Vg =452+ (529.8 + 704.0)/3.0 = 456.5 kN
— 456.5<0.5%50.85 . 104 x 275.1033
— 456.5 kN <£403.7 kN not satisfied!

From the above calculations, it is clear that the shear design check cannot be satisfied,
which is largely a consequence of the short length of the beam. Increasing the beam strength
would lead to higher moment capacity hence higher shears. Also, as a result of capacity
design requirements, this would necessitate over-sizing of the columns. It is therefore sug-
gested that specific measures are taken in order to increase the shear capacity through sup-
plementary web plates within the critical short beams.

Cl. 7.6.2(7) of EC8 stipulates upper limits for the ratio x/d of the dissipative composite
cross-section as indicated in Equation 7.1 and Figure 7.1 of this chapter. For the critical
beam considered above, this ratio is found to be around 0.27 (i.e. 0.16/0.60), which is lower
than the limit of 0.32 derived from the equation.

The adoption of concept b also requires that specific detailing rules are verified in order to
ensure reliable dissipative behaviour in the concrete parts. According to Clauses C.3.2.2(2)
and C.3.3.1(2) in Annex C of EC8, transverse reinforcement (or seismic rebars) should be
positioned in the joint region in order to allow the mobilisation of Mechanism 2 (defined in
Figure C.2 of EN1998-1, consisting of concrete diagonal compressive struts resisted by the
internal region of the column). The area of reinforcement (A}) is given by

Ar 2 Rax lfyar = 0.7 X b X doyy X fealfyar

where b is the depth of the column section, d, is the overall depth of slab, £, is the concrete
design compressive strength and £, 1 is the design yield strength of the reinforcement.
The area of transverse reinforcement required at the joints within the lower four storeys is

Ar>0.7%x0.490 x 0.150 x (30,000/1.5)/(500,000/1.15)

Ar223.67 cm? - 5 bars of 25 mm of diameter positioned over a beam length of 0.49 m.
The area of seismic rebars to use at joints in the upper five storeys is given by

Ar=0.7%x0.440 x 0.150 x (30,000/1.5)/(500,000/1.15)

A;221.25 cm? — 5 bars of 25 mm of diameter positioned over a beam length of 0.44 m.
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7.7.2.3 Column design checks

Except at the base, the columns should be capacity designed according to the weak beam-
strong column dissipative mechanism. According to Cl. 7.7.3(5) of EC8, which refers directly
to CL 6.6.3, the design forces are obtained using the following combination:

Eq = Ejcreozoe +1.17,,Q2E, ¢

where
Y. is the overstrength factor assumed as 1.25
Q=min (M gg,/Mg,,) = 529.8/476.5 =1.11
(note that —476.5 kN m is obtained from Element 25)

The design combination for consideration in column checks is therefore given by
Es = Ejcreo30e +1.53E, ¢

The design forces for a critical column (Element 4 in Figure 7.6) are presented in Table 7.6
for illustration.
Based on these values, the seismic demands at the bottom end of the column are

M,,=21.7 + 1.53 x (-358.0) ==526.0 kN m
Ny, =-1529.5 + 1.53 x (~828.3) =-2796.8 kN

V,,=-14.8 + 1.53 x 124.1 = 175.1 kN

The design checks are performed according to EC4. For brevity, only cross-section checks
are presented, but clearly all EC4 resistance checks including those for member stability
should also be satisfied. Considering a partially encased HEAS500 cross-section, for which
the axial-bending interaction curve is depicted in Figure 7.7, it is evident that the composite
column cross-section is able to satisfy the seismic demands. It is also necessary to check the
level of shear applied on the cross-section:

Vea 0.5V, kg
1751 <0.5 x 74.72 x 104 x 275 x 1033

175.1 kN £593.2 kN

Table 7.6 Internal forces in Element 4

Bottom end Top end
G+ 0.3Q, E G+ 0.3Q, E
M 21.7 -358.0 —41.8 175.7
4 -14.8 124.1 -14.8 124.1

N —1529.5 —828.3 —-1520.6 -828.3
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Figure 7.7 Interaction curve for the first storey composite column.

In addition to the member checks, Cl. 4.4.2.3(4) of EC8 also requires that at every joint
the following condition is satisfied:

where
Y My, and XMy, are the sum of the design moments of resistance of the columns and of
the beams framing the joint, respectively. For illustration, this check is carried out
for an internal joint located at the first floor of the frame, as follows:

YMg,=2x1030=2060 kN m (For a level of axial force of around 2800 kN)
YMy,=704.0+529.8 =1233.8 kN
M, /S Mg, > 1.3

7.7.2.4 Joint design checks

According to Cl. 6.6.3(6) of EC8, the web panel zones at beam-to-column connections
should be designed to resist the forces developed in the adjacent dissipative elements,
which are the connected beams. For each panel zone the following expression should be
verified:

Vapra o4 o
pr,Rd

where V,, ;4 is the design shear force in the web panel accounting for the plastic resis-
tance of the adjacent beams/connections and V,,, r, is the shear resistance of the panel zone
according to EC3. For illustration, these checks are performed for internal and external
joint panel zones.
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7.7.2.5 External panel zone

(HEA 500 + IPE 450):

V.

w,

o.2d = My xl(dy=t,) = 704.0/(0.450-0.0146) = 1617 kN

V.

w,

okd =09 f} e A, I3 ) + 4 M,,; . rd/(d, — ) (Cl. 6.2.6 of EC3 Part 1-8)

=0.9%275x 103 x 74.72 x 1043 + 4 x 0.490 x 0.0232 x 275
x 103/(4 x (0.450-0.0146)

=1068 + 164 =1232 kN

V,

w,

p.kdl Vip ra = 1617/1232 < 1.0 not staisfied! — A doubler plate is required
Design of a single supplementary doubler plate with a length of 300 mm:
1617 =1232 +t,4,% 0.300 x 0.9 x 275 x 1033

ty,=8.98 mm — ¢,,=9 mm

7.7.2.6 Internal panel zone

(IPE 450 + HEA 500 + IPE 450):
Vigpra = M, zil(dy — 1) = (704.0 + 529.8)/(0.450-0.0146) = 2834 kN

V

w;

p.kd! Vip.ra = 2834/1232 < 1.0 not satisfied! — A doubler plate is required.
Design of a single supplementary doubler plate with a length of 300 mm:
2834=1232+1,,x0.300 X 0.9 X 275 x 1033

ty,=37.3 mm — t,,=38 mm

7.7.3 Damage limitation

According to Cl. 4.4.3.2(1) for the damage limitation (serviceability) limit state:

d,v <0.01h

where d, is the design inter-storey drift, v is a reduction factor that takes into account the
lower return period of the frequent earthquake and is assumed as 0.5, and 4 is the storey
height. The limit of 1% is applicable to cases where the non-structural components are fixed
to the structure in a way that does not interfere with structural deformation. For cases with
non-ductile or brittle non-structural elements, this limit is reduced to 0.75% and 0.5%,

respectively.

Based on the results provided in Table 7.4, the maximum inter-storey drift occurs at the

third storey:
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d,=62.5 mm
d,v<0.01h
52.4%0.5<0.01x3500

26.2 mm < 35 mm ( satisfies limit, provided that non-interfering elements are used).
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8.1 INTRODUCTION

Well-designed and well-constructed timber structures can have an excellent response under
earthquake loading due primarily to the high strength to weight ratio of wood. Nevertheless,
the seismic performance of timber buildings involves various inter-related factors that need
to be properly understood. Many of the aspects related to the resistance of timber buildings
spring from the atypical mechanical characteristics of wood as a construction material. In
particular, there are significant differences in wood strength and stiffness depending on the
orientation of the load with respect to the grain direction as depicted in Figure 8.1. It fol-
lows from the schematic strain—stress curves, indicated in Figure 8.1, that tension failures in
wood are brittle and should be avoided while compressive behaviour (parallel to the grain)
is a preferred mode of failure but should be limited. In fact, it is a typical approach of codes
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Figure 8.1 Schematic stress—strain relationship for wood.

of practice to ensure a ductile failure mechanism by inducing yielding in metallic connectors
between timber members instead of the wood material itself in order to provide a sustained
source of energy dissipation during seismic shaking.

In addition, like other materials, the building typology has a direct influence on the over-
all seismic behaviour of timber structures. For instance, the lightweight nature of typi-
cal wood-frame North American residential buildings, coupled with their high levels of
structural redundancy, have been noted to favour a relatively limited earthquake damage
in comparison with the heavy roof post-and-beam construction typically adopted in Japan
(Karacabeyli and Popovski, 2003). Nonetheless, it has also been recognised that many of
such wood-frame buildings (mainly constructed between the 1920s and 1990s in the West
Coast of the United States) suffer from the lack of vertical continuity and are prone to soft-
storey type of failure (Bahmani et al., 2014).

In earthquake-prone areas of Europe, whole-timber constructions are historically rare.
As in many other regions of the world, wood has been traditionally employed in conjunc-
tion with other materials such as stone masonry to form masonry in-filled timber cross-
walls. These structures have the benefit of an improved mechanical and thermal response
that allows for the dissipation of seismic energy through friction and contact between the
masonry units with the timber framing providing structural integrity (Meireles et al., 2012).
Although the quality of construction in timber laced masonry buildings is variable, their
remarkable seismic resilience has been demonstrated during numerous earthquakes world-
wide (Langenbach, 2008). Indeed, recent full-scale experiments carried out at Imperial
College, London (Elghazouli et al., 2013; Malaga-Chuquitaype et al., 2014a), have dem-
onstrated the good cyclic behaviour of a new timber-frame design adapted from traditional
timber cross-walls of Central American dwellings. This improved design uses timber frames
with locally sourced cane to form a composite wall matrix, which is then plastered in cement
to form shear-walls (Mdlaga-Chuquitaype et al., 2014b). A number of dwellings have been
constructed using this timber-framed solution, which has proven to be inexpensive, sustain-
able and easy to maintain.

More recently, there has been a renewed interest in the use of timber as a main structural
material largely due to a combination of the rising environmental concerns and the wider
availability of newly developed high-performance timber-materials such as cross-laminated
timber (CLT) and laminated veneer lumber (LVL). In response, timber design codes have
begun to provide more information on the seismic design of timber buildings allowing for
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the use of wood in multi-storey applications. EC8 (EN1998-1, 2004) covers the design of
Timber structures in Section 8. The scope of this section is limited in many respects, in par-
ticular with reference to timber construction systems of more generalised use today. In order
to encompass aspects of more relevance to current practice, this chapter starts by reviewing
fundamental concepts of the cyclic behaviour of timber structures with particular emphasis
on current building practices. Subsequent sections present and discuss salient aspects of EC8
provisions. Finally, an illustrative example is presented for the preliminary design of a CLT
shear-wall system for the eight-storey hotel building examined in previous chapters.

8.2 MODERN STRUCTURAL SYSTEMS

Three main timber structural systems prevail in current practice: (i) timber-framed build-
ings, (ii) solid wall timber buildings and (iii) moment resisting frames. The first is typically
used in low-rise residential buildings. It consists of a timber frame built from studs, which
are spanned by wooden or wood-based sheathing panels mechanically joined to the frame
along their edges, typically by nailing. A timber-framed shear wall is usually formed by
at least three risers (vertical timber studs) and an upper and a lower crossbeam while the
sheathing panels are made from plywood, oriented strand board (OSB) or other wood-based
sheathing material. Besides, timber-framed shear walls are normally connected at their base
to the foundation by means of metal fasteners in order to resist uplift and overturning forces.

In addition to timber-framed construction, massive timber construction is becoming
increasingly popular driven by the benefits of pre-fabrication it offers (e.g. increased quality
control, on-site logistics, and speed of construction). In this sense, the most widely adopted
solution is that of bearing timber panels constructed from cross-laminated timber (CLT).
Much like timber-framed walls, these panels are employed as load-bearing elements car-
rying vertical and horizontal actions and are affected by in-plane and out-of-plane loads.
They typically form box-like structures, which can have significant stiffness and resistance.
Unlike timber-framed construction, CLT buildings make use of fewer fasteners, which are
localised only in the contact between vertical panels and between vertical panels and their
flooring system or foundation.

Finally, moment-resisting frames are mostly employed in single-storey sport facilities or
industrial or commercial buildings where they take the form of portal frames. As generally
expected, frames tend to be much more flexible than shear walls and it is important that
such forms incorporate an adequate number of rigid connections in order to resist the lateral
forces.

8.3 LATERAL DEFORMATION MODES OF TIMBER WALLS

The lateral force—displacement response of timber-framed shear walls is governed by the
connections employed to join all their components. The two fundamental deformation
modes of timber-framed shear walls are racking and rocking as depicted in Figure 8.2. More
generally, a mixed deformation mode that combines the effects of these two mechanisms is
also possible. It is evident from Figure 8.2 that while racking deformation tends to distrib-
ute plastic behaviour along the sheathing edges throughout the panel, rocking primarily
affects the hold-down connectors. It is acknowledged that a large portion of the energy
dissipation in timber-framed buildings takes place through yielding of the connectors (e.g.
nails) between the sheathing panels and the timber frame which takes place due to differ-
ential deformations during racking (Filiatrault and Foschi, 1991; Filiatrault et al., 2002,
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Figure 8.2 Fundamental inelastic deformation mechanisms for timber-framed shear walls. (a) Racking mode.
(b) Rocking mode.

2003). Therefore, this deformation mode is usually targeted when applying the principles of
capacity design discussed in previous chapters. On the other hand, when base connections
have limited strength, a rocking or overturning failure mode can take place. However, this
deformation mode is typically associated with limited ductility and energy dissipation, and
should therefore be limited.

As with any other timber structures, the seismic deformation mechanisms observed in CLT
panelised construction are also governed by the detailing of the connections. Previous exper-
imental results (Acler et al., 2012; Popovski and Karacabeyli, 2012; Mdlaga-Chuquitaype
et al., 2016) have proved that very different force—displacement responses can be achieved
by varying the wall aspect ratio (length versus height ratio), level of vertical forces and the
type of connecting fasteners employed. The connecting devices typically employed in CLT
construction have the form of ribbed thin steel plates that are nailed or bolted to the panels
and the floors such as those presented in Figure 8.3. A certain level of directionality is pres-
ent in these connectors with shear brackets working primarily in shear and hold-downs used
to resist vertical forces alone (Gavric and Popovski, 2014; Tomasi and Smith, 20135).

Two fundamental failure mechanisms have been observed in CLT shear walls at ultimate
(Malaga-Chuquitaype et al., 2016), as shown in Figure 8.4: sliding at the base of the panel
with shear angle bracket failure, and rocking of the panel with anchoring tie-down bracket
failure. A mixed failure mode is also possible. In the case of multiple panels, the vertical
joints between panels, which are usually nailed, provide a good source of energy dissipation
and can significantly improve the ductility of the structure (Gavric et al., 2015). Similarly,
the effect of vertical loads is to increase the strength of the wall, reduce the uplift forces on
the base and increase the resisting friction forces at the base (Mdalaga-Chuquitaype et al.,
2016). Nevertheless, due to the difficulties in estimating friction coefficients in real building
configurations, these forces are usually ignored.

8.4 SEISMIC RESPONSE OF CONNECTIONS

The previous discussion has indicated that due to the inherent brittleness of timber,
ductility in timber structures has to be provided by the design of ductile connections.
In fact, the strength and stiffness of the modern shear wall systems, such as those dis-
cussed in the previous section can be estimated from the capacity of the anchoring metallic
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Figure 8.3 Hold-down connector (a), shear bracket connector (b) and fully threaded screws (c) employed
in CLT panelised construction. (Adapted from RothoBlaas. 2015a. Wood Connectors and Timber
Plates, Catalogue of Products, RothoBlaas SRL, Cortaccia, Italy.)

connectors. Furthermore, the ductility available in any connection depends on its type and
geometry.

Figures 8.5 and 8.6 present the effects of connection configuration on the force—
displacement hysteresis of connections. A complete understanding of the behaviour of a
joint can be illustrated with reference to these figures. During the first cycle, the joint devel-
ops the full stiffness and strength associated with the corresponding plastic mechanism
adopted. In contrast, the following cycles will be associated with a systematic reduction in
both connection strength and stiffness. As expected, the permanent embedment deforma-
tion observed in the wood brings about a sliding (or near sliding) phase in the response

(a) CLT panel

-

Il b

N—

Metallic connectors

Figure 8.4 Fundamental inelastic deformation mechanisms for CLT shear walls. (a) Sliding mode, (b) rocking
mode.
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Figure 8.5 Moderately pinched hysteretic response of timber connections with dowel yielding. (a) First
loading cycle. (b) First un-loading cycle. (c) Successive cycles.

of the joint, which initially has all its elements in contact. This pinching effect reduces
the area within each hysteretic cycle that is directly related to the dissipated energy. It fol-
lows that a joint with steel connectors of relatively small diameter, such as that depicted
in Figure 8.5, will develop good levels of ductility mainly through flexural yielding of
the metal fastener while only a small amount of wood crushing will occur. On the other
hand, when the joint incorporates a stiffer connector with a relatively large diameter as in
the case of Figure 8.6, significant crushing and embedment of the wood fibres takes place
(Karagiannis et al., 2016a) with only limited yielding of the steel. This latter behaviour
will be associated with a more narrow hysteretic response and hence a reduced energy
dissipation capacity. This is the reason behind the limits on dowel diameters imposed in
Eurocode as discussed below.
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Figure 8.6 Severely pinched hysteretic response of timber connections with significant wood crushing.
(2) First loading cycle. (b) First un-loading cycle. (c) Successive cycles.

8.5 EUROCODE 8 DEFINITIONS, DESIGN CONCEPTS
AND MATERIAL PROPERTIES

The seismic design of timber structures is considered in Section 8 of Part 1 of EC8 (EN1998-
1, 2004), which is concerned only with new buildings. Issues related to the reinforcement
of existing timber structures are out of the scope of EC8. Moreover, Section 8 of the code
starts with some fundamental definitions aimed at outlining the design philosophy and the
element typologies on which the code relies on for the provision of adequate lateral seismic
resistance.

The first definition presented in EC8 (EN 1998-1, 2004) is that of static ductility, taken
as the ratio between the ultimate deformation and the deformation at the end of the elas-
tic behaviour (first yield point) to be evaluated by means of quasi-static cyclic tests. This
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definition can be related to systems as well as connections. All the other definitions put
forward by the code refer to timber joints. This reflects the paramount importance that tim-
ber connections have in the provision of ductility and strength in wood structures. In this
context, semi-rigid joints are defined as those joints with significant flexibility, the influence
of which hast to be taken into account in the analysis of the structures by following the
guidance of Eurocode 5 (EN 1995-1-1, 2004). On the other hand, rigid joints are defined
as joints with negligible flexibility (e.g. glued joints between solid timber elements). Dowel-
type joints make use of metallic connectors like screws, nails or dowels that are loaded per-
pendicular to their axis. Finally, carpenter joints are also defined as those where loads are
transferred directly from one element to the other by means of direct pressure and without
the contribution of metallic connectors.

Similarly, EC8 recognises two approaches for the seismic design of timber structures
aimed at achieving: low-dissipative or dissipative behaviour. The first is a design based on
the elastic characteristics of the building with limited allowance for dissipation capacity.
This design relies on the small levels of energy dissipation that are present in any structure
and does not require any special consideration for the design and detailing of joints or ele-
ments beyond those already required by Eurocode 5 (EN 1995-1-1, 2004). Given the limited
energy dissipation capacity aimed at in this design, a behaviour factor (g) not greater than
1.5 is specified by the code corresponding to a ductility class low (DCL).

On the other hand, when the design relies on the ability of the structure to dissipate
energy, only the joints and connections can be considered as dissipative zones while the
timber elements should remain elastic. This follows the general hierarchical seismic design
philosophy adopted throughout EC8, where the zones in which inelastic deformations may
be developed are selected beforehand with a view to developing, under ultimate design con-
ditions, a pre-defined and controlled collapse mechanism. It is therefore necessary to guar-
antee that those zones allow for the development of the foreseen inelastic deformations.
The behaviour factor, g, for dissipative structures may be taken as being greater than 1.5
depending on the ductility class adopted (i.e. medium or high).

EC8 gives specific advice on the use of material and their corresponding properties within
the above-mentioned dissipative zones. In particular, for the connections it is stated that

1. Only materials and mechanical fasteners providing appropriate low-cycle fatigue
behaviour may be used.

2. Glued joints shall be considered as non-dissipative zones.

3. Carpentry joints may only be used when they can provide sufficient energy dissipation
capacity, without presenting risks of brittle failure in shear or tension perpendicular to
the grain. Importantly, carpentry joints can only be used on the basis of experimental
results illustrating adequate post-elastic capacity.

It is important to note that the code gives advice on a number of general connection
typologies but does not consider any hybrid timber connection types (Andreolli et al., 2011;
Karagiannis et al. 2016b). In this respect, it is worth recalling the Eurocode principles on the
conception and design of timber joints whose configuration may not be directly addressed
by the code. Aspects such as a clearly defined strength hierarchy should be incorporated
ensuring that yielding is attained in the steel components well before the wood experiences
any failure. The objective is to design a ductile joint response that can then be experimen-
tally verified (EN 1998-1, 2004).

EC8 also provides criteria that shear walls and diaphragms should satisfy in order to guar-
antee their stiffness and strength, and to avoid potential instabilities that may arise when
they are subjected to compression and shear. In particular, particle board panels should
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have a density of at least 650 kg/m?, plywood-sheathing should be at least 9 mm thick, and
particleboard and fibreboard sheathing should be at least 13 mm thick. Similarly, the ductil-
ity properties of connections in trusses and between the sheathing material and the timber
framing in Ductility Class M or H structures shall be tested for compliance by means of
cyclic tests on the relevant combination of the connected parts and fastener.

8.6 DUCTILITY CLASSES AND BEHAVIOUR FACTORS

Table 8.1 of EC8 (reproduced below) indicates the maximum values of behaviour factors
to be adopted for the design of structures of medium or high ductility as a function of their
structural system. Since it is not always feasible to resort to experimental assessments for
the evaluation of structural ductility, the code allows for ductility requirements to be con-
sidered as satisfied if the design is compliant with a number of geometric specifications. For
instance, in timber-to-timber or steel-to-timber joints that use dowels, nails or screws, the
minimum thickness of the elements to be connected should be of at least 10 times the con-
nector diameter, which in turn should not be greater than 12 mm. Similarly, in shear walls
and diaphragms where wood-based sheathing is employed, its thickness should be at least
four times the nail diameter, which in turn cannot exceed 3.1 mm. These normative condi-
tions have the purpose of ensuring the metal fastener is able to yield and dissipate energy
through plastic deformations.

8.7 STRUCTURAL ANALYSIS

ECS8 also includes a brief section on structural analysis, which recognises the importance
of adequate structural modelling for timber buildings. For example, code requires that any
joint idealisation should include slip deformations and that the instantaneous elastic modu-
lus value (corresponding to 1.1 times the elastic modulus employed for short-term load cal-
culations) should be used for parallel-to-the-fibre direction.

Regarding the structural representation, a rigid floor diaphragm assumption is permitted
if a series of detailing rules are observed (as specified in Section 8.5.3 of the code) and the

Table 8.1 Structural types and behaviour factors

Energy dissipation capacity =~ Behaviour factor (q) Examples

Low — DCL 1.5 Shelters, arches with two or three pinned joints, trusses
joined with connectors.

Medium - DCM 2.0 Glued wall panels with glued diaphragms connected by
nails and bolts, trusses with dowelled and bolted joints,
mixed structures formed of timber framing and non-load
bearing infills.

25 Hyper-static portal frames with dowelled joints.
High — DCH 3.0 Nailed wall panels with glued diaphragms, connected with
nails and bolts, trusses with nailed joints.
4.0 Hyper-static portal frames with doweled and bolted joints.
5.0 Nailed wall panels with nailed diaphragms connected with

nails and bolts.

Source: Adapted from EN 1995-1-1 2004. Eurocode 5: Design of Timber Structures — Part |-1: General — Common Rules and
Rules for Buildings, European Committee for Standardization, CEN, Brussels.
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size of the floor openings are such that they do not significantly affect its overall in-plane
rigidity. The detailing rules considered include

1. Limits in the spacing between nails and connectors that aims at enabling adequate
ductility.

2. Measures aimed at ensuring a certain degree of uniformity in the diaphragm that
limits the possibility of unforeseeable loading conditions to occur and prevents frag-
ile failure mechanisms. In this regard, specific requirements of beam continuity, dia-
phragm reinforcement around the openings, and limiting values of the depth-to-width
ratios of un-restrained beams, are specified.

8.8 DETAILING RULES

In the case of joints, the code advice involves both the connections as well as the connected
members. In the case of dowels or bolts, the connectors should be tight fitted and tightened.
Also, the use of large diameters (greater than 16 mm) is discouraged. Similarly, connectors
like dowels, smooth nails and staples should be avoided unless additional provisions are
put in place against their withdrawal. These indications have the objective of ensuring a
continuous energy dissipation capacity by limiting the possible degradation of the force—
displacement hysteresis caused by excessive sliding or significant strength reduction in the
connector.

For structural elements, the code explicitly stipulates additional provisions for avoiding
splitting failure in tensioned timber elements. Likewise, compression members and con-
nections (e.g. carpenter joints) should be prevented from separating under possible load
reversals. These requirements are important also when evaluating the retrofit of structures,
which is not directly addressed by the code.

8.9 SAFETY VERIFICATIONS AND CAPACITY DESIGN

The procedure specified in Eurocode 5 for the estimation of design material properties on
the basis of characteristic ones should also be followed for seismic design calculations. In
this case, the strength modification factor, k,,,;, which accounts for the influence of the
duration of the load and the environmental conditions on the strength of wood should
be taken as that corresponding to instantaneous actions. Similarly, for ultimate limit state
verifications, a value of partial safety factor for material properties, y,,, as associated with
fundamental load combinations is recommended for ductility class low (DCL) structures
while a v,, =1 (corresponding to accidental load combinations) is permitted for medium and
high ductility structures.

As with other structural materials, capacity design in timber requires that ductile yielding
takes place only in the specially designated parts or elements and that all other structural
parts are provided with adequate over-strength to prevent their failure. Predominantly, duc-
tility in timber construction comes from the non-linear behaviour of steel components and
connections and, as discussed previously, it is precisely these elements that can be designated
as the dissipative elements according to EC8. That means that other parts of the structure
should be capacity designed with adequate over-strength factors.

Unfortunately, EC8 is not explicit on the levels of over strength to be considered.
Nevertheless, it should be noted that for nailed plywood connections in most timber struc-
tures, an over-strength factors of 2 can be adopted following past experimental research
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(Buchanan, 2013). Likewise, an over-strength factor ranging between 1.3 and 1.6 can be
recommended for CLT structures (Gavric et al., 2015). The over-strength factor represents
the amount by which the actual strength may be higher than the design estimated value.
The actual value of over strength depends on a number of factors such as the strength reduc-
tion factor used in the initial design, strain-hardening in the yielding steel components, the
difference between the 5th percentile used for the design of yielding components (EN 1995-
1-1, 2004) and the actual value present in the structure as well as other unintentional over-
design capacities of the dissipative components.

8.10 DESIGN EXAMPLE

8.10.1 Introduction

The same eight-storey building considered in previous chapters is utilised herein for the
design example. Figure 8.7 reproduces the building layout and elevation. A structural solu-
tion consisting of cross-laminated timber (CLT) shear-walls is provided in both x and y
directions. Only the calculations related to the x-direction will be presented here. As it is
typical in tall timber residential buildings where the wall density is maximized for redun-
dancy purposes, CLT shear walls are provided in GLs 1 to 15 of Figure 8.7. Therefore, CLT
shear walls spaced at 4 m between their in-plane centres are considered with two shear walls
per GL as depicted in Figure 8.7.

Each CLT wall of 8.5 length is made of four 5-layered structural panels (of 2.125 m
length each). For the first three storeys, 128 mm thickness (30-19-30-19-30) are used, while
95 mm thick panels (19-19-19-19-19) are employed for the upper storeys. Also, the floors
and roof employ five-layer CLT panels of 200 mm. CLT panels of EN C24 timber class are
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Table 8.2 Characteristic properties of EN C24 timber

Material property Unit Value
Strength in bending frx (MPa) 24
Strength in tension in the fibre direction foox (MPa) 14
Strength in tension perpendicular to the fibre direction fisox (MPa) 0.5
Strength in compression in the fibre direction feox (MPa) 21
Strength in compression perpendicular to the fibre direction 4, (MPa) 25
Strength in shear f.« (MPa) 4
Rolling shear fr« (MPa) 1.75
Characteristic modulus of elasticity parallel to grain Eo, (MPa) 7,400
Mean modulus of elasticity parallel to grain E, (MPa) 11,000
Shear modulus G rean (MPa) 700
Characteristic density P (kg/m?) 420
Mean density Prmean (kg/m?) 350

considered in all cases. The characteristic material properties associated with this timber
class are presented in Table 8.2. The design material properties are obtained from the char-
acteristic values by multiplying with a k,,,;, = 1.1 and dividing by y,, = 1.0 in accordance with
Eurocode provisions for seismic scenarios. A rigid-diaphragm flooring systems is assumed.

8.10.2 Weight and mass calculation

An estimate of the total weight of the structure is necessary for the calculation of seismic
forces. This is carried out by assuming the dimensions presented in Table 8.3 corresponding
to floors and walls.

8.10.2.1 Dead load

1. Floor slabs
Glued parquet floor: 10 mm x 8.00 kN/m? = 0.08 kN/m?
Final screed: 60 mm x 22.00 kN/m? = 1.32 kN/m?
Insulation of impact noise: 30 mm x 1.40 kN/m? = 0.04 kIN/m?
Filling material: 60 mm x 20.00 kN/m? = 1.20 kN/m?
CLT: 200 mm x 5.00 kN/m? = 1.00 kN/m?
Suspended ceiling (gypsum plaster): 95 mm x 3.47 kN/m3 = 0.33 kN/m?
Total = 3.97 kN/m?
2. Roof slab
Mineral substrate and coating: 120 mm x 21.25 kN/m? = 2.55 kN/m?
Roof sheathing: 10 mm x 5.00 kN/m? = 0.05 kN/m?
Wooden formwork: 20 mm x 5.50 kN/m?3 = 0.11 kN/m?
Thermal insulation (with timber slats): 250 mm x 1.20 kN/m? = 0.30 kN/m?
CLT: 200 mm x 5.00 kN/m? = 1.00 kN/m?
Suspended ceiling (gypsum plaster): 95 mm x 3.47 kN/m3 = 0.33 kN/m?
Total = 4.34 kN/m?
3. External CLT wall
Facade plate: 15 mm x 8.00 kN/m? = 0.12 kN/m?
Counter battens/ventilation zone: 40 mm x 0.44 kN/m? = 0.02 kN/m?
Concealed facade: 160 mm x 1.9 kN/m? = 0.31 kN/m?
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Table 8.3 Geometrical characteristics of building elements

Element Layer thickness
(total thickness) Layer (mm)
Floor slabs Glued parquet floor 10
(402 mm) Final screed 25
Insulation of impact noise 12
Filling material 60
Cross laminated timber 200
Suspended ceiling (gypsum plaster) 95
Roof slab Mineral plant substrate (layer of vegetation) 90
(695 mm) Protective coat with filtering features 30
Roof sheathing 10
Wooden formwork 20
Thermal insulation with timber slats in-between 250
Cross laminated timber 200
Suspended ceiling (gypsum plaster) 95
External CLT shear  Fagade plate I5
wall (358 mm) Counter battens/ventilation zone 40
Concealed fagade insulating board with timber 160
slats in between
Cross laminated timber 128
Gypsum plaster plate I5
Internal CLT shear ~ Gypsum plaster plate I5
wall (158 mm) Cross laminated timber 128
Gypsum plaster plate I5
CLT: 128 mm x 5.00 kN/m? = 0.64 kN/m?
Gypsum plaster plate: 15 mm x 10.00 kN/m? = 0.15 kN/m?
Total = 1.24 kN/m?
4. Internal CLT wall (load bearing)
Gypsum plaster plate: 15 mm x 10.00 kN/m? = 0.15 kN/m?
CLT: 128 mm x 5.00 kN/m? = 0.64 kN/m?
Gypsum plaster plate: 15 mm x 10.00 kN/m? = 0.15 kN/m?
Total = 0.94 kN/m?
The dead load estimation is summarised in Table 8.4.
Table 8.4 Dead load calculation
Level Calculation Load (kN)  Total (kN)
8 Roof (56 x 20) x 4.44 4,972.8 4,972.8
2-7  Slab (56 x20) x 3.97 4,446.4
External wall ~ ((56 x 2) x 3.5+ (8.5 x4) x 3.5) x .24 633.64
Internal wall ~ ((56 x2) x 3.5+ (8.5x26)x3.5)x094 1,095.57 6,175.6
| Slab (56 x 40) x 3.97 8,892.8
External wall ~ [(56 x2) x 4.3 + (10 x4) x4.3] x |.24 810.46
Internal wall ~ [(56 x2) x 4.3 +(8.5x26)x43]x094 1,345.98 11,049.2
Total dead load, G 53,075.6
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Table 8.5 Imposed load calculation

Level Calculation Load (kN)  Total (kN)
8 Roof (56 x 220) x 22.0 2,240.0 2,240.0
2-7  Corridors ((56 x 23.0) + (8.5 x 24) + (8.5 x 28)) x 24.0 1,080.0

Bedrooms ((56 x 220) — 270) x 22.0 1,700.0 2,780.0
| Tower area As levels 2-7 2,780.0

Roof terrace (56 x 220) x 24.0 4,480.0 7,260.0
Total imposed load, Q 26,180.0

8.10.2.2 Imposed load

The estimation of imposed load is summarised in Table 8.5.

8.10.2.3 Seismic mass

According to Cl. 3.2.4 the masses to be used in seismic analysis should be those associated
with the load combination: G + y; ;*O. Take y; ; to be 0.3.

The corresponding building weight is 53,075.6 + 0.3 x 26,180 = 60,929.6 kN
And the seismic mass can be calculated as: 6,211 tons.

It is important to recall that one of the aspects leading to a favourable earthquake per-
formance of timber structures is their relatively lighter weight, which translates into lower
active seismic masses. In this particular example, the timber building is 24% lighter than its
steel or concrete options as presented in Chapter 3.

8.10.3 Seismic base shear

The Type 1 Spectrum for Soil Type C, used before, is also employed in this design. The
spectral parameters associated with this (from EC8 Table 3.2) are

S=1.15,T=0.2s,Tc =0.6s, Tp =2.0s

As before, the reference peak ground acceleration is oz = 3.0 m/s? and an importance fac-
tor ;= 1.0 is assumed, so the design ground acceleration is o, = y; X 0,z = 3.0 m/s%.

Although EC8 does not address explicitly the definition of behaviour factors for CLT
structures, recent research (Popovski and Karacabeyli, 2012; Pei et al., 2013) supports the
use of a behaviour factor of at least g = 3 for CLT buildings designed in accordance with
capacity design principles. Besides, considering that a maximum length of 2.5 m will be
employed for each individual panel forming the shear walls, a g = 3 is considered adequate.

Estimate natural period, EC8 Equation 4.6
T, = Ch¥

For timber buildings C;=0.05, hence
T, =0.05x28.8%4

T,=0.62's
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T.<T<TpsoEC8 Equation 3.15 applies

5=a525 T
1
Hence
Si=3x1.15x 2206
3 0.62

And the base shear is

Fb = 7\,de

In this case T, < 2T so = 0.85, therefore

F,=0.85%x6211x2.78

F,=14,676 kN

=2.78m/s*

So the net horizontal force is 100 x 14,676/60,930 = 24.1% of the total building weight.
Such high values of net horizontal forces are not unlikely in panel timber structures due to
their stiff nature which places them in the short period range of the ground-motion response

spectrum.

8.10.4 Shear load distribution and total moment calculation

Table 8.6 presents the lateral load distribution per storey assuming a linear mode shape
approximation (Equation 4.11 in ECS).
The ratio of total base moment to the base shear gives the effective height of the resultant

lateral force:

287,732.5
"= 14,676

Table 8.6 Lateral load distribution on the timber building using linear

=19.6m above the base, and

mode shape approximation

by 19.

8

8.

=0.68

Height z, ~ Mass m, zm, Force F, ~ Moment = F,z,

Level k (m) (t) (mt) (kN) (kN m)

8 28.8 5754  16,571.5 2,606.2 75,057.2
7 253 7145 18,076.9 2,842.9 71,925.1
6 21.8 7145 15,576.1 2,449.6 53,401.4
5 18.3 7145 13,0754  2,056.3 37,630.7
4 14.8 7145 10,574.6 1,663.0 24,6129
3 1.3 714.5 8,073.9 1,269.7 14,348.2
2 7.8 7145 5,573.1 876.5 6,836.4
| 43 1,348.3 5,797.7 911.8 3,920.7
Totals 6,210.7 93,319.1 14,676.0 287,732.5
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8.10.5 CLT shear wall actions

As explained above, the CLT shear walls are symmetrically distributed in plan. Assuming
that a rigid diaphragm action can be ensured, the forces per storey should be distributed
among the different walls in proportion to their relative stiffness. Besides, an accidental
eccentricity as defined in EN 1998-1 Clause 4.3.2 should be considered. Table 8.7 presents
the seismic design forces acting in the wall located on GL2 between GLs B and C.

The design forces (presented in Table 8.7 for the wall under consideration) are distrib-
uted among the connectors and CLT panels forming the shear wall in the way depicted in
Figure 8.8. For simplicity, the shear brackets are only assumed to carry horizontal forces
(N,) while any lateral resistance of the tie-downs is neglected. The forces acting on the tie-
downs at the extremes of each panel will depend on the storey shear (F,), the number of pan-
els and the lever arm from the point of rotation to the location of the tie-down, which can
be assumed as the length of the individual panel under consideration. The vertical actions
(w,) and step-joint forces (N,) can be conservatively assumed not to contribute towards the
rocking resistance of the panel. Therefore, by establishing equilibrium, the final forces are

Table 8.7 Design forces in wall located on GL2
between GLs Band C

Level k  Shear force (kN)  Moment at wall’s base (kN m)

8 87.3 28.0
7 182.6 80.5
6 264.7 154.0
5 333.6 245
4 3894 350
3 431.9 465.5
2 461.3 588
| 491.8 742.8
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Figure 8.8 Distribution of forces in a CLT wall made of two panels.
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Table 8.8 Final analysis and design of CLT wall laying in GL2 between GLs
Band C

Number  Shear per unit  Uplift per ~ Number of AB Type of
Level k  of panels  length (kN/m)  panel (kN)  shear brackets  hold-down

8 4 10.9 3.5 | WHT340
7 4 22.8 10.1 2 WHT340
6 4 33.1 19.3 2 WHT340
5 4 41.7 30.6 3 WHT340
4 4 48.7 43.8 3 WHT440
3 4 54.0 58.2 3 WHT540
2 4 57.7 735 4 WHT540
I 4 61.5 929 4 WHT620

obtained as summarised in Table 8.8. The total length of the shear wall between GLs B and
C is 8 m. In order to ensure adequate levels of energy dissipation consistent with the behav-
iour factor g = 3 adopted, 4 CLT panels of 2 m long each are employed.

8.10.6 Seismic strength design checks

Two types of angle brackets made of galvanised mild steel are employed to connect the walls
to the floor slabs. These mechanical connectors are taken from the catalogue of RothoBlaas
(2015a) and their properties are summarised in Table 8.9. As before, the design resistances
reported in Table 8.9 correspond to the characteristic strength of the connector multiplied
by k,,.,= 1.1 and divided by 7y,,= 1.0. Angle brackets ABR105-R are used for transfer-
ring shear forces while hold-downs of different types (i.e. WHT340, WHT440, WHTS540,
WHT620) are employed at different storeys to resist uplift forces. These metallic connectors
are pre-designed to fail in a ductile manner, provided the specifications for their installation
are followed. All mechanical fasteners are installed with 4 x 60 anker nails as specified by
the producer (RothoBlaas, 2015a).

8.10.7 Capacity design

To ensure that energy dissipation occurs through controlled yielding at the metallic connec-
tors only, other joints need to be designed with sufficient over-strength to avoid premature
failure. The connections to be over-designed are connections between floors and the walls
underneath, connections between floor panels that form the rigid diaphragm and connec-
tions between perpendicular walls to ensure a box-like behaviour.

Table 8.9 Connectors employed from RothoBlaas (2015a)

Characteristic load
carrying capacity (N,)  Design resistance (N,)
Connector type  Main load type resisted (kN) (kN)

ABRI05-R Shear (N, ) 19.1 21,01
WHT340 Uplift (N,,) 36.5 40.15
WHT440 Uplife (N,,) 57.9 63.69
WHT540 Uplift (N,,) 8l.1 89.21

WHT620 Uplife (N,,) 100.4 110.44
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Taking the second floor panel as an example, from Table 8.8, we can see that it needs to
resist a design shear per unit length of V,= 57.7 kN/m but with the current arrangement
that was provided for 75 kIN/m of shear capacity. If an over-strength factor of y,,=1.6
is assumed, as explained above, the total force to be accommodated is V, ;=120 kN/m.
Therefore, self-tapping screws HBS 12 x 320 (RothoBlaas, 2015b), with a design shear
strength for wood to wood of 9.44 kN (8.58 kN of characteristic shear strength) are
required at 80 mm intervals.

Similarly, the in-plane shear capacity of the CLT panel can be verified to ensure no failure
prior to base connector yielding. The same over-strength design load as before is used for
this purpose V, ;=120 kN/m. The representative volume sub-element (RVSE) method pro-
posed by Bogensperger et al. (2010) is employed herein. This method is based on the defini-
tion of a series of i representative volumes of ideal thickness (). In the case of the five-layer
CLT panel used on the second level in this example, that thickness is always governed by the
thinner 19 mm board. Hence

t; =19 mm

= th = 4(19) = 76 mm

therefore, assuming a unitlength of 1 mand a constant shear stress distribution (Bogensperger
et al., 2010) the volume shear force is

. ey 120 5
=My 22V 579 KN
TORVSE =T =0 076 m

Two mechanisms need to be considered. The first involves a shear mechanism for which
the following relationship needs to be verified:

mod | v,k
Ym

T,4=2(1.58) MPa < # MPa

Tod = Z(Tb,RVSE) <

T,4 =3.16 MPa < 4.4 MPa

The second mechanism involves torsion failure on the glued interface between

two boards for which the torsional stresses can be calculated as (Bogensperger et al.,
2010):

Tr,i = 3To,RVSE ;t

where a is the width of the lamella in the CLT panel, therefore, by assuming a 1:4 thickness
to width ratio of each lamella:

Ty, =3(1.58)- =1.19MPa

1
4
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which should be compared with the rolling shear strength of wood:

kmodfT k
Tr.d < — =
Ym

1.1(1.75)
1

1.19< =1.92MPa

A check should also be performed on the strength of the vertical joints that connect the
four 2-metre panels to form the 8-metre long shear wall. The following inequality should be
satisfied in order to ensure the individual panels rock separately as intended:

Xi
Ns < Ny + ZNB,W. 7

where N, is the design factored resistance of the hold-down, Nj  ; is the vertical factored
strength of the shear brackets that were conservatively assumed as zero before but can be
obtained from the supplier, x; are the horizontal distances between the corner of the panel
and the centre of the shear brackets, and [ is the total length of the panel. It is evident from
this that if HBS 8 x 200 self-tapping screws with a design strength of 4.24 kN are employed
in the vertical joints with a spacing of 200 mm centre to centre, the above equation will be
satisfied.

8.10.8 Damage limitation and final design

Based on the preliminary design presented above, a structural model can be constructed with
a view to refining the design and checking its damage limitation compliance (i.e. estimated
storey displacements). The issue of an adequate numerical representation of the dynamic
response of tall timber structures is complicated by the nature of wood construction and
the high non-linear response of connections (Abeysekera and Madlaga-Chuquitaype, 20135).
A simple way to deal with the anisotropic nature of CLT buildings is by assuming an effec-
tive in-plane elastic stiffness as proposed by Blass and Fellmoser (2004):

_ 3EL;0.8GA,
" " 3EI;H +0.8GAH’

where E is the elastic modulus of timber, I, is the effective radius of gyration for a given
cross-section, G is the shear modulus of timber, A, the effective shear cross-section and H
is the wall height. The application of this equation gives a k= 65 kN/mm for the 128 mm
panel and 59 kN/mm for the 95 mm panel.

A model was constructed in the finite element program Opensees (McKenna, 1997)
employing four-noded quad elements with effective stiffness values to represent the
CLT walls and zero-length elements in order to simulate the connectors at the base and
between CLT panels. The numerical model had a fundamental period of 0.58 seconds,
which is comparable to the 0.62 seconds estimated with the EC8 formula, as presented
above. An elastic analysis disregarding the frictional forces was carried out from which
a maximum deformation at the bottom storey of 25 mm was obtained, which is well
below the maximum inter-storey drift of 1% specified by the code for the control of
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deformations in non-structural components that do not interfere with the deformation of
structural elements:

d, =25 mm
d,v<0.01h
25(0.5)<0.01(4300)
12.5 mm <43 mm

The final design should proceed to optimise the distribution of over-strengths along the
height of the building so as to ensure a distribution of inelastic deformations as uniform in
height as possible as uniform in height as possible and to ensure capacity design is imple-
mented at each individual connection level.
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A large proportion of buildings are masonry, and the material continues to be widely used in
new construction. However, there is huge variability within materials classified as ‘masonry’,
including block type (stone, clay brick, concrete, aerated concrete, hollow, rammed earth,
etc.), mortar type (dry joints, cement mortar, lime mortar, etc.), bonding pattern, and func-
tion (load bearing, infill, cladding, partition wall, thermal barrier). In addition, each of
these aspects may vary from country to country. This wide scope and variability makes
the development of masonry building codes challenging. In the case of the Eurocode, this
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variability has forced the code to be more general than for other materials, leaving more
responsibility with local (country) building officials, and more variation between practices
within Eurocode countries.

Regardless of the wide variety within masonry structures, from the perspective of struc-
tural performance, and particularly seismic design, there is an obvious distinction that must
be made between unreinforced and reinforced masonry. Generally, the provision of rein-
forcement, if properly detailed, can cause a more ductile response during an earthquake, and
EC8 therefore allows more dissipative inelastic behaviour in the seismic design of reinforced
masonry structures. For unreinforced masonry structures, the behaviour is typically less
ductile, or at least the inelastic behaviour may be less consistent. Thus, only a very modest
level of inelastic behaviour is currently allowed for in design. Further, EC8 imposes strict
limits on unreinforced masonry building characteristics (building heights, wall slenderness,
etc.), as will be highlighted in the following sections.

In this chapter, the primary focus is on unreinforced masonry structures, though reinforced
and confined masonry (little detailed in EC8) are also discussed. The following section seeks
to highlight and clarify important aspects of conceptual design, including general guidelines
and simplified design limits that are generally applicable to all types of masonry structures.
Subsequently, general structural behaviour and design concepts for the specific building
typologies of reinforced, confined and unreinforced masonry are presented. The primary
analysis methods available to design masonry structures are then discussed, followed by a
design example that highlights the benefits and limitations of these analysis options.

Throughout this chapter, comments on the limitations of EC8 for masonry are included
for engineers who seek to extend their designs beyond the code specifications. Additionally,
examples of the variation between country annexes and codes are discussed, with particular
emphasis on the Italian Building Code (NTC, 2008) that provides significantly more detail
on seismic design of masonry than EC8 or many other country specifications. It also should
be mentioned that this chapter focuses on new design as specified in EC8 Part 1 (EN1998-1,
2004), rather than assessment and retrofitting of existing structures, which is covered in
EC8 Part 3 (EN1998-3, 2005), although some beneficial concepts from EC8 Part 3 are
highlighted where appropriate.

9.2 CONCEPTUAL DESIGN PRINCIPLES

The general design goal, common to all Eurocodes, is structural robustness. For seismic
design, this goal is stated in terms of performance requirements in Section 2 of EC8 Part 1.
Essentially, for a major seismic event global or local collapse must not occur, and for a
moderate seismic event, the cost of damage must not be disproportionate to the cost of the
structure. To achieve these design goals, general fundamental principles of seismic design
are outlined in Section 4 of EC8 Part 1, in addition to material specific design requirements
in the following parts of the code. This section highlights and clarifies how these concep-
tual design principles are reflected in the masonry specifications of Section 9 of EC8 Part 1.
While detailed design depends on the method of structural analysis, as will be discussed in
Section 9.4, these fundamental concepts are independent of the analysis method employed.
The concepts and requirements mentioned in this section are applicable to all masonry
structures, whether classified as reinforced or unreinforced.

Shear walls typically provide the basic lateral resisting system for masonry structures. The
design criteria provided in EC8 §9.5.1 provide general rules for the connectivity and geom-
etry of the shear walls and the remaining structures, independent of detailing. These general
rules address two aspects of seismic design: global and local resistance to seismic action.
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First, to ensure that the global capacity of the structure is adequate, it is important that
shear walls are provided in at least two orthogonal directions, and that building elements
have some connectivity, even if the building is generally classified as ‘unreinforced’. EC8
§9.5.1 and §9.5.2 specify that horizontal concrete beams or steel ties are required at every
floor level, and intermediate horizontal ties are required if storey heights exceed 4 m. These
horizontal ties extend around the entire building, providing what is sometimes referred to
as ‘box behaviour’. The ties have numerous purposes, including helping to ensure that all
walls within a plane act together by providing a drag tie to connect their in-plane resistance
and redistribute load if one element fails, helping to prevent out-of-plane collapse generally,
and helping to prevent out-of-plane collapse from extending over several stories. Effective
diaphragm action of the floors is also required, ensuring the safety of the floors themselves,
but also ensuring the benefits of the horizontal reinforcement mentioned above.

Figure 9.1 shows some pictures of earthquake-induced out-of-plane collapse in poorly
detailed existing masonry buildings. This type of damage constitutes the main source of
seismic vulnerability and is primarily responsible for the bad reputation of the performance
of masonry structures during earthquakes. Conversely, properly designed reinforced, con-
fined and unreinforced masonry buildings (with some limitations) have proven capable of
adequately withstanding earthquake shaking.

A second concept to ensure global stability is that of redundancy, introduced in EC8 §4.2
and also mentioned in Section 4.2.3 of this book. Redundancy is the idea that it is better
for several elements to work together to resist the seismic load, so that if one element fails
then others can still provide lateral resistance. This is obviously beneficial compared to hav-
ing a single lateral resisting elemen