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Preface

Pavement cracking is a major pavement distress, and its rehabilitation cost is astronomical. Because
the mechanisms and the causes of cracking in concrete, flexible, and composite pavements are
still not well understood, this RILEM Conference is both timely and necessary. The Confer-
ence addresses several issues including pavement crack initiation and propagation mechanisms,
modeling, laboratory evaluation, field validation, and detection techniques.

The Conference is the sixth in a series of RILEM Conferences on cracking in pavements. The
first four focused on reflective cracking while the fifth and sixth have a focus on pavement cracking.
The following is a historical summary of the past conferences:

• RC1989 Liège: Pointed out the main factors and mechanisms involved in the initiation and
propagation of cracks.

• RC1993 Liège: Focused on the theoretical and experimental research needed to optimize
solutions.

• RC1996 Maastricht: Presented the importance of utilizing the appropriate interlayer systems and
their applications. Introduced the benefits expected from modeling and the needs for structural
design of overlays.

• RC2000 Ottawa: Shared the experiences of North America in reflective cracking.
• RC2004 Limoges: Shifted the focus to pavement cracking and advanced modeling; Established

the RILEM technical committee on reflective cracking.

The 6th RILEM International Conference on Cracking in Pavements marks the first time the
Conference is held in the United States. We are very pleased to host the Conference considering
the growing interest in this topic in North America as was evidenced during RC2004 Limoges. The
submitted papers were rigorously peer reviewed, and only 89 papers from 20 different countries
were accepted for presentation and publication indicating the international nature of the Conference.
The Conference Proceedings provide both a state-of-the-art and state-of-the practice record on
modeling of cracking in pavements, experimental approaches, field investigations, case histories,
and interlayer system effectiveness.

Due to the large number of papers, the Conference includes three parallel tracks. In addition,
four events are taking place in conjunction with the Conference: a workshop on reflective cracking
immediately prior to the Conference; an exhibition during the Conference, with several manu-
facturers and services related to pavement crack detection, rehabilitation, and material testing; a
meeting of the RILEM Technical Committee on Reflective Cracking; and the mid-term meeting of
the FHWA Expert Task Group on Fundamental Properties and Advanced Models.

Finally, we would like to acknowledge the Scientific and Organizing Committees for their
continuing input and suggestions throughout the Conference planning and the many individuals
who helped review the papers.

Imad L. Al-Qadi, Conference Chair
Tom Scarpas, Co-Chair

Andreas Loizos, Co-Chair
Chicago, June 2008
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Evaluation of reflective cracking performance of asphalt mixes with
asphalt rubber binder using HVS tests and non-local continuum
damage mechanics

R.Z. Wu & J.T. Harvey
University of California Pavement Research Center, Davis, USA

ABSTRACT: A major research project has been conducted at the University of California Pave-
ment Research Center to evaluate the performance of several asphalt mixes that contain binders with
recycled rubber. This paper presents the analysis results with respect to reflection cracking using a
mechanistic model based on non-local continuum damage mechanics and the finite element method.
The damage evolution law parameters were identified using laboratory fatigue test data. The Finite
Element model was validated by simulating full-scale pavement testing using a HeavyVehicle Simu-
lator. The ranking of different asphalt mixes with respect to reflective cracking was then determined
by simulating overlay systems with different asphalt mixes for the overlay but the same mechanical
properties for all the underlying layers including old asphalt, aggregate base and subgrade.

1 INTRODUCTION

1.1 Background

A major research project has been conducted at the University of California Pavement Research
Center to evaluate the performances of several asphalt mixes that contain asphalt rubber binder.
A key component of the research effort was the evaluation of reflective cracking performance
using a Heavy Vehicle Simulator (HVS). Specifically, the HVS testing program involved running
full-scale accelerated pavement tests on asphalt overlay systems that have different material types
and layer thicknesses for the overlay. Although the underlying pavement systems were designed to
be the same, it was found that the in-situ conditions of the underlying layers varied significantly
among different HVS test sections. This variation makes it questionable to rank reflective cracking
performance of different asphalt mixes based on the HVS test results directly.

This paper presents an alternative method to rank different asphalt mixes using HVS test results.
This was made possible through simulations of HVS tests using non-local continuum damage
mechanics (NLCDM) implemented in the finite element method (FEM).

The simulations were divided into two stages: (1) Calibrate the simulation procedure using in-
situ conditions of different overlays as model inputs and match model predictions with observed
reflective cracking performance; (2) Predict reflective cracking performance of different asphalt
overlays placed on various given underlying structures. The first stage simulations serve as valida-
tion of the FEM procedure. The results obtained in the second stage simulations provide objective
ranking of different asphalt overlays with respect to reflective cracking performance without the
influence of underlying conditions.

1.2 FEM simulation using NLCDM

The FEM simulation procedure used here is essentially the same as the one developed by Wu (2005,
2006). Cracking damage in asphalt mix caused by truck wheel trafficking is represented by asphalt
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mix stiffness reduction. The rate of stiffness reduction (i.e., damage evolution) is controlled by
a spatially averaged value of principal tensile strain. The radius of the area for spatial averaging
is related to the maximum aggregate size of asphalt mix. The averaging operation is performed
by concurrently solving a differential equation in addition to equilibrium. It is called non-local
because of the use of average strain for driving damage evolution.

NLCDM describes asphalt material cracking behavior, while FEM takes into account the effects
of structure features (e.g., cracks) and loading conditions. By implementing the NLCDM as a
material constitutive model into a general FEM framework, a mechanistic model is obtained that
can predict crack propagation in general asphalt pavement structures. The specific formulation used
in this paper is based on the work (Peerlings, Borst et al., 1998), developed for general composite
materials. Similar approach has been used by (Bodin, Pijaudier-Cabot et al., 2004) for asphalt
mixes and (Bazant and Jirasek, 2002) for PCC. A more extensive review on the approach can be
found in (Wu, 2005).

2 DEVELOPMENT OF MODEL INPUTS

2.1 General assumptions

The design pavement structure for the HVS test sections is shown in Figure 1. Each HVS test
section is eight meters long and one meter wide. All of the test sections have the same structure,
i.e. asphalt overlay on top of an old cracked asphalt pavement. The underlying old cracked asphalt
pavements were resulted from Phase I HVS testing of this project (Bejarano, et al., 2005).The
general methodology and model assumptions are listed below:

– The pavement system is analyzed as a 2D plain strain model with considerations to account for
the 3D nature of HVS wheel load.

– AC overlays are assumed to be linear elastic with loading time and temperature dependent
stiffness and subjected to damage driven by a measure of strain.

Asphalt Overlay, 90-mm for full thickness, 45-mm for half thickness

Underlying cracked asphalt layer, 90-mm

Aggregate Base, recycled PCC, 420-mm

Top 400-mm of Subgrade

Remaining 5600-mm of subgrade

Figure 1. Design structure of HVS test sections (actualy layer thickness may vary).
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– The underlying cracked asphalt layer is assumed to be linear elastic with stiffness that are
functions of loading time and temperature. Cracks are modeled directly with empty spaces in
the underlying asphalt layer. The underlying asphalt layer is not subjected to damage because of
the extensive existing cracks.

– Aggregate base (AB) and subgrade (SG) are assumed to be linear elastic with stiffness degrada-
tion determined by back-calculation from surface deflections measured during HVS tests using
Road Surface Deflectometer (RSD). AB and SG layers can not sustain tensile strains larger than
0.1 percent, in which case their stiffness along the tensile direction is reduced to 10 percent of
the original value.

– Subgrade is assumed to be 6000-mm deep and is subdivided into two layers: the top 400-mm
and the remaining 5600-mm.

2.2 Environmental conditions

All of the HVS test sections were enclosed with a temperature chamber. The pavement temperature
at 50-mm depth were controlled to be 20 ± 2◦C for the first million load repetitions and 15 ± 2◦C
for the rest of the tests.

2.3 Loading history

HVS trafficking was applied with dual wheel truck tires running at a speed of about 9.6 km/h. The
range of wheel loads used during the test was between 60 kN and 90 kN.

2.4 Underlying crack spacing

In the FEM model, crack spacing is assumed to be constant for each individual simulation. It was
observed that the majority of the cracks are in transverse direction. Accordingly, the crack spacing
is referred to as the distance between cracks in the longitudinal direction. Each HVS test section
is divided into five subsections with center at Stations 4, 6, 8, 10 and 12 respectively (i.e. at 2,
3, 4, 5 and 6 meter marks along the longitudinal direction of the test section). Crack spacing for
each subsection is calculated by counting the number of transverse cracks within ±0.5 m range
to subsection center. For example, the crack spacing is 1000/(n − 1) mm if n cracks are counted.
Table 1 lists the number of cracks counted for each subsection of the six HVS test sections.

2.5 AC overlay characterization

The asphalt overlay was treated as a linear elastic material with loading time and temperature
dependent stiffness, and with damage (stiffness reduction) evolution caused by repetitive HVS

Figure 2. Overall layout of the test site, 586RF to 591RF are under discussion in the paper; MB4, MB15,
MAC15, RAC-G and DGAC indicate different mix types, 45-mm and 90-mm (in bold font) indicate overlay
thicknesses, actual overlay thicknesses are also indicated in normal font.
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Table 1. Number of cracks counted for different locations on the surface of the underlying
DGAC old pavement.

Subsection
center station 4 6 8 10 12

586RF over 567RF 9 6 9 8 9
587RF over 568RF 8 9 10 9 9
588RF over 569RF 1 0 4/0* 9 7
589RF over 571RF 4/2* 7 8 9 11
590RF over 572RF 10 9 9 0/3* 4/2*
591RF over 573RF 3/2* 6 7 11 9

* These subsections have significantly different crack densities for the two sides of the
subsection center and therefore the crack numbers are counted separately.

trafficking. Asphalt mixture stiffness master curves were developed from laboratory bending beam
frequency sweep test.

Damage evolution parameters (three in total) were identified using laboratory bending beam
fatigue test data. Fatigue tests were simulated using FEM to obtain the predicted stiffness degra-
dation curve corresponding to a given set of damage evolution parameters. The set of parameters
that led to good match between predicted and measured stiffness degradation curves were recorded
and used in later HVS test simulation. This matching process is still conducted manually and no
optimization method is used so far.

One set of damage evolution parameters were obtained for each temperature under which fatigue
tests were conducted. Damage evolution parameters for temperatures other than 10, 20 and 30◦C
were determined using linear interpolation.

2.6 AB and SG characterization

AB and SG were treated as linear elastic materials with stiffnesses determined from back-calculation
using surface deflection data measured by RSD (road surface deflectometer).

Neither aggregate base nor subgrade can sustain large tensile stress. A special material model
was used in the analysis to describe this behavior. Specifically, the normal stiffness for AB and
SG in certain direction will be reduced to 0.1 of its normal value if it is subjected to tensile strain
greater than 0.1 percent (i.e. 1000 microstrain) in that direction.

Back-calculation results indicate that stiffness for AB and the top 400-mm of SG decreased sig-
nificantly under HVS trafficking. This decrease is described by the following exponential function:

where E is the stiffness, and n is the number of load repetitions. The variables E0 and α are regres-
sion constant representing initial stiffness and rate of stiffness degradation, respectively. There are
significant differences in AB and SG stiffness among the six HVS test sections.

2.7 FEM model

Figure 3 shows the overall FEM mesh, while Figure 4 shows a close up look of the mesh around
the crack tip. During initial simulations, it was found that cracks would propagate horizontally
first to debond the overlay from the old AC layer if the overlay is soft. Although debonding is
likely to occur in actual HVS test, it is regarded less important than vertical crack propagation. It
is therefore decided to prevent cracks from propagating horizontally at the beginning of each HVS
test simulation.
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Figure 3. Overall FEM mesh for a typical HVS simulation, red lines at the left, right and bottom boundary
indicate confinements in the direction of the lines, colors of the mesh indicate material specifications.

Figure 4. A further close up look of the FEM mesh shown in Figure 3, the green blocks in the overaly around
the tip of the underlying cracks indicate areas that are not subjected to damage. These blocks are necessary to
force cracks to propagate upwards instead of sideways.

2.8 Simulation procedure

The overall procedure for FEM simulation of reflective cracking in asphalt overlay is described in
detailed in (Wu, 2006). In summary, the simulation procedure follows the steps below:

(a) Establish the intact (undamaged) stiffness of different layers based on current pavement tem-
perature, and the aggregate base and subgrade stiffness based on current accumulated traffic
count.

(b) Calculate the non-local strain field for part of the overlay that are near an underlying crack.
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(c) Calculate the damage induced by �N additional HVS traffic repetitions using the non-local
strain calculated in Step (b). Step size �N is determined in adaptive manner using current
maximum damage rate within the overlay.

(d) Apply the damage to asphalt overlay, which leads to decrease in stiffness.
(e) Remove an element and propagate the crack once the stiffness at all gauss points within certain

element have been reduced to 1 percent of their intact value.
(f) Repeat Steps (a) to (e) until cracks reach the surface of the overlay.

2.9 Some details

The 2D plane strain FEM model used in simulations is a simplification of the actual HVS test,
which is essentially three-dimensional in nature. To make the strain calculated in a 2D-FEM model
approximately equal to the actual strain experienced by the overlay in the HVS tests, the load
pressure is scaled by a factor. This load pressure scale factor is calculated as the ratio between actual
surface deflection measured by RSD and the calculated surface deflection from 2D FEM analysis.
When measured surface deflections are not available, they were replaced by values calculated
using multilayer elastic theory using ELSYM5 with the underlying cracks ignored. In the HVS
simulations for this project, load pressure scale factors were mostly around 0.20. This procedure
was shown to work well in (Wu, 2005).

HVS wheels apply dynamic loads on pavement systems. The inertia effect of the dynamic wheel
load was ignored because the wheels were moving at fairly constant speeds except only when they
make turns at both ends of the test section, which were not analyzed.

Another effect of the moving wheel is that different points in the overlay may not reach maximum
strain simultaneously. This implies that fixing wheels at any specific location may lead to an
underestimation of the strain field and hence underestimate the damage rate. The detailed procedure
used to account for this effect of moving wheels can be found in (Wu, 2005). The procedure
essentially calculate the envelop of non-local strain for any given point during a passage of truck
wheels and use the envelop value for driving damage.

In summary, the maximum strain any point experienced during a passage of the wheels is used
to drive the damage evolution at that point in the FEM simulations.

3 MODEL VALIDATION

3.1 Comparison between observed and predicted reflective cracking life

Reflective cracking life is defined here as the time required for cracks to appear on the surface of
an overlay. Comparison of observed and predicted reflective cracking lives for different HVS test
sections are listed in Table 2. As shown in the table, the predicted reflective cracking lives are not
exactly the same but the differences between them are mostly within 0.3 million when they can
be calculated. For sections that did not reach the end of their reflective cracking lives in the HVS
tests, namely sections 586RF, 589RF, 590RF and 591RF, the predicted reflective cracking lives are
mostly compatible with the observations. It is concluded that the simulation procedure provides
reasonable predictions for reflective cracking lives on asphalt overlays with similar structures as
those in this project.

3.2 Reflective crack propagation plots

During simulations of all of the HVS sections, except 586RF, cracks initiated from the bottom
of the overlay and propagated upward until they reached the surface. In other words, all of the
cracks in the HVS sections were bottom-up cracks except 586RF, which has no crack initiated after
10-million load repetitions.

A typical set of crack propagation history plots are shown in Figure 5 for HVS Section 589RF.
Note that crack height was calculated using the bottom of the overlay as the reference. As shown in
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Table 2. Reflective cracking life in millions for different stations within each HVS section
(repetitions in millions).

Section 4 6 8 10 12

586RF Observed No crack after 2.49 million load repetitions
(MB15) Calculated No crack after 10.0 million load repetitions

587RF Observed 1.52 1.49 1.55 2.08 2.94
(RACG) Calculated 1.52 1.72 1.52 1.82 1.89

588RF Observed 0.51 >1.4 0.51 0.51 0.51
(AR4000) Calculated 0.48 0.94 0.31 0.21 0.26

589RF Observed No crack after 2.09 million load repetitions 1.6
(MB4) Calculated 3.19 4.44 3.59 2.03 1.49

590RF Observed No crack after 1.98 million load repetitions
(MB4) Calculated 2.35 2.24 1.84 1.63 1.63

591RF Observed No crack after 2.55 million load repetitions
(MAC15) Calculated 2.92 2.77 2.67 3.31 3.03
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Figure 5. Evolution of height of crack tip with number of load repetitions for sub-sections of HVS section
588RF.

the figure, reflective cracking performance can vary significantly even for different locations within
the same HVS test section. This variation came from the fact that conditions of the underlying layers
(including the old asphalt layer, aggregate base and subgrade layers) varied significantly among
different stations within each test section.

4 PEFORMANCE RANKING

The procedure validated in the first stage simulations was used to predict reflective cracking perfor-
mance of different asphalt overlays placed on the same underlying layers. As discussed in Section
1.2, these analyses are referred to as second stage simulations and are used to rank the relative
performance of different asphalt overlays used in this project with respect to reflective cracking.
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4.1 Methodology

To rank their reflective cracking performance, different overlays were placed on the same underlying
structures and their reflective cracking lives were calculated using the procedure validated in the
first-stage simulations. Different underlying structures were included to determine the sensitivity
of the performance ranking with respect to overlay thickness, and aggregate base stiffness. The
variations of different quantities considered in these simulations are shown below in Table 3, while
all the other common quantities are listed in Table 4.

4.2 Simulation results

This section presents the second stage simulation results. Note that these results were based on a
specific pavement structure and environment condition as described in Table 3 and Table 4.

The effects of overlay thickness on reflective cracking life are shown in Figure 6. As shown in
the figure, increasing overlay thickness from 45 mm to 90 mm increases reflective cracking lives
by 30 to 70 percent for all the mixes except AR4000, whose reflective cracking lives are very close
for both overlay thicknesses and can not be distinguished by the model used.

The effects of aggregate base (AB) stiffness are shown in Figure 7. As shown in the figure,
increasing AB stiffness (from 150 to 300 MPa) increases reflective cracking lives significantly for
all the asphalt mixes. The improvements in reflective cracking lives ranges from 80 percent for
AR4000 mix to 230 percent for MAC15 mix.

According to the results shown in Figure 6 and Figure 7, increasing asphalt overlay thickness
from 45 to 90 mm is not as effective in improving reflective cracking performance as increasing AB
stiffness from 150 to 300 MPa. The simulation results also indicate the overall ranking of reflective
cracking performance as listed in Table 5.

Table 3. Variations of quantities considered in second-stage simulations.

Quantity Variations Number of levels

Mix Type AR4000, RACG, MB4, MB15, MAC15 5
Overlay Thickness (mm) 45, 90 2
Base Stiffness (MPa) 300, 150, both degraded to 80 2

Total 20

Table 4. Values of common quantities for second-stage simulations.

Quantity Value

Loading Same as in HVS test section 588RF, except that
the trafficking did not stop until the overlay has
failed

Pavement Temperature 20◦C
Mix Air Void Content 6%
Mix Aging No aging
Mix Gradation DGAC for AR4000, OGAC for all others
Mix Preparation Method Field mix lab compact
Underlying Old Asphalt Stiffness 30% of intact stiffness
Crack Spacing (mm) 100 mm
Old DGAC Thickness 90 mm
Aggregate Base Thickness 400 mm
Stiffness of Top 400-mm of Subgrade 50 MPa
Stiffness of Remaining subgrade 300 MPa
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Figure 6. Effects of AC overlay thickness on reflective cracking life for different AC mixes.
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Figure 7. Effects of aggregate base stiffness on reflective cracking life for different AC mixes.

Table 5. Reflective cracking performance ranking of asphalt mixes.

Performance ranking AC overlay mix type Normalized reflective cracking life

1 MAC15 1.00
2 MB4 0.91
3 MB15 0.74
4 RAC-G 0.41
5 AR4000 0.06

11



5 SUMMARY AND CONCLUSIONS

In summary, this paper presents the following analyses:

• First stage simulations: validate a FEM simulation procedure based on non-local continuum
damage mechanics with actual performance data collected during HVS tests.

• Second stage simulations: predict reflective cracking performance of different mixes in asphalt
overlays under the HVS testing conditions, using uniform underlying structure.

Based on the results from the simulations in the two stages, the proposed analysis procedure
provides a rational alternative for interpreting HVS test results. This alternative is able to remove
the effects of variations in underlying support on reflective cracking performance.

The proposed analysis procedure requires laboratory fatigue test data for identifying damage
evolution parameters for given asphalt mix. Since fatigue test data are usually available, model
parameters for the proposed analyses procedure is easy to obtain. It is therefore believed that the
propose procedure is a practical tool that can help evaluate reflective cracking performance of
asphalt overlays.

The recommended third stage, which was performed for this study, but not included in this paper,
is to use the validated model to evaluate the relative performance of the different overlays under
different climate, load and underlying structure conditions expected in highway applications.

REFERENCES

Bazant, Z. P. & M. Jirasek (2002). Nonlocal Integral Formulations of Plasticity and Damage: Survey of
Progress. Journal of Engineering Mechanics 128(11): 1119–1149.

Bejarano, M., Morton, B. & Scheffy, C. 2005. Summary of Construction Activities and Results from Six
Initial Accerlerated Pavement Tests Conducted on Asphalt Concrete Pavement Sections for Modified Binder
Overlay. Pavement Research Center, Institute of Transportation Studies, University of California Berkeley.

Bodin, D., G. Pijaudier-Cabot, et al. (2004). Continuum Damage Approach to Asphalt Concrete Fatigue
Modeling. Journal of Engineering Mechanics 130(6): 700–708.

Peerlings, R. & R. D. Borst, et al. (1998). Gradient-enhanced damage modelling of concrete fracture. Mechanics
of Cohesive-Frictional Materials 3(4): 323–342.

Wu, R. 2005. Finite Element Analysis of Reflective Cracking in Asphalt Concrete Overlays. Ph.D. Thesis,
University of California, Berkeley.

Wu, R., Harvey, J. & Monismith, C. 2006. Towards a Mechanics Model for Reflective Cracking in Asphalt
Concrete Overlays. Journal of Asphalt Paving Technologists, 491–534.

12



Pavement Cracking – Al-Qadi, Scarpas & Loizos (eds)
© 2008 Taylor & Francis Group, London, ISBN 978-0-415-47575-4

The LCPC’s ALT facility contribution to pavement
cracking knowledge

P. Hornych, J.P. Kerzreho, A. Chabot, D. Bodin, J.M. Balay & L. Deloffre
Laboratoire Central des Ponts et Chaussées, Nantes, France

ABSTRACT: The full scale observation of damage and failure mechanisms of pavements due
to traffic is quite essential for the improvement of road materials and construction methods, as
well as for the development and the validation of modelling tools and pavement design methods.
An alternative to the survey of real roads over long periods consists in performing accelerated
pavement tests (APT). LCPC has today more than 20 years of experience in APT applied to study
of pavement deterioration and cracking. Since 2006, in relation with an LCPC research program
to update the French pavement design method, a detailed analysis of existing data of LCPC APT
tests is being carried out. The objective of this work is to improve the understanding and modelling
of the development of rutting and fatigue in different types of pavements. This paper presents the
first conclusions of this synthesis, in relation to fatigue cracking, for the purpose of the RILEM
Technical Committee – Cracking in Asphalt Pavements (TC-CAP).

1 INTRODUCTION

To improve the understanding and modelling of fatigue mechanisms and crack localization and
propagation phenomena in bituminous pavements, it is necessary to rely on observations of real
pavement behaviour. Data on pavement performance can be obtained from road data bases. This
data can be used to derive laws of evolution of distresses, depending on the type of structures, traffic
and successive maintenance operations (Kobisch 2000, Brillet et al. 2006). However, it is necessary
to complement this statistical approach with mechanical data, including accurate information on
materials, description of applied loads and instrumentation of the pavements. The feedback from
real pavements is also considerably delayed, because of the long service life of these structures (20
to 30 years on the French national network).

The interest of accelerated loading tests is to allow the development and the observation of
deterioration mechanisms of full scale pavements, in a much shorter time than on the real road
network. In addition, these tests are performed in controlled conditions, and on instrumented
pavements, and thus provide more complete data.

At LCPC, in Nantes, two accelerated pavement testing facilities are in operation: A large scale
accelerated testing facility, the LCPC fatigue test track (Autret et al. 1987, 1988, www.lcpc.fr),
and a small scale linear accelerated testing facility, the FABAC machine (Balay et al. 1998, Perez
et al. 2007, Chabot et al. 2008, www.lcpc.fr).

Within the framework of numerous partnerships with the French road authority, motorway com-
panies, pavement contractors or bitumen producers, LCPC has performed a great number of fatigue
experiments with its large outdoor ALT facility, since its commissioning in 1984. Approximately
60 new pavement structures, and 15 pavement reinforcements, have been tested. This installation
allows to test pavements up to their failure, and to follow the evolution of pavement distress (rut-
ting, cracking) with traffic loading. Depending on the types of materials and pavement structures,
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different rates of evolution and types of cracking are observed: longitudinal or transversal cracks,
bottom up or top down cracking.

This paper describes cracking mechanisms observed on 16 pavement structures tested on the
LCPC large ALT facility, which are all low traffic pavements, with less than 12 cm of bitumi-
nous materials, and a granular base. A detailed study of the damage of those structures has been
made by means of trenches and cores. Comparisons of the observed behaviour with predictions
obtained with the French pavement design method (LCPC, SETRA 1994), based on multi-layer
linear elastic analysis, are also discussed. The results are presented in two parts, concerning
respectively:

– Pavements with a very thin bituminous wearing course (less than 6 cm), presented in part 4;
– Pavements with a thicker wearing course (between 6 and 12 cm), presented in part 5.

2 THE LCPC FATIGUE TEST TRACK

The LCPC accelerated pavement testing facility, in Nantes, is an outdoor circular carousel, with
a diameter of 40 meters (see Figure 1). The installation comprises a central 750 kW motor unit
and four arms carrying the wheel loads, which can reach a maximum speed of 100 km/h. The
experimental pavement has a mean radius of 17.5 m and a width of 6 m, and thus a total length of
approximately 110 m. The position of the load can be adjusted at a different radius on each arm,
for instance to test simultaneously the effect of different load configurations. During loading, a
lateral wandering of the loads can be applied (Autret & Gramsammer 1990).

The arms can be equipped with various load configurations: single or dual wheel, single, tandem
or triple axles. A large range of loads can be applied: between 45 and 80 kN on a single half axle,
up to 135 kN with multiple axles. A very low stiffness suspension system allows to continue to run
on pavements presenting severe deteriorations.

The test facilities comprise three circular tracks where the pavements are built, one of them
equipped with a waterproof concrete pit, allowing to control the water table level in the subgrade
by means of pumps. The loading system can be moved from one ring to another within approximately
one week. The pavement structures are built using normal road-building equipment and in general,
4 different structures are tested simultaneously in each experiment, including in general a reference
structure with well known behaviour.

Figure 1. View of the LCPC fatigue test track.
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3 PAVEMENT INSTRUMENTATION AND MONITORING

The experiments presented in this paper have all been performed with a dual wheel 65 kN load,
(standard French equivalent axle load, shown in Figure 2), and a loading speed of 70 km/h. Gener-
ally, bituminous layers are instrumented during construction with thermocouples and strain gage
sensors, measuring longitudinal and transversal (horizontal) tensile strains at the bottom of the
layers. Vertical strains in unbound layers and subgrade, and also vertical displacements of the
pavement surface are measured using displacement transducers. In situ tests and distress measure-
ments are also performed after different levels of traffic, including measurements of deflections,
transversal profile and visual survey of surface cracking.

In this study, it is proposed to examine mainly the extent of cracking, defined as the percentage
of the length of the pavement section showing visible cracking. (see Figure 2). A transversal crack
is assumed to have a length of 50 cm.

Typical examples of measurements of longitudinal and transversal strain variations at bottom of
bituminous layers, in pavements with a bituminous wearing course and a granular base are shown
in Figure 3.

Figure 2. Dual wheel 65 kN load applied in the experiments and assessment of the extent of cracking.
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surface layer (compressive strains positive).
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Table 1. Main characteristics of the pavement structures with 5 cm thick wearing courses.

Layer
thickness (cm) Soil AC composition (in %)

modulus Deflection

Experiment Name BC UGM (MPa) %bit 6/10 2/6 0/2 Fines 0.01 mm

S1 Ex B0 5.0 45 60 6.45 43 15 41 1 100–140
S2 TP Sor 5.0 40 60 6.05 28 30 42 – 65–75
S3 TP Pom 5.0 40 60 6.05 28 30 42 – 90–110
S4 TP Poe 5.0 55 60 6.05 28 30 42 – 80–105
S5 DR1 p1 5.0 20 110 6.20 38 24 36 2 70–85
S6 DR1 p2 5.0 35 80 6.20 38 24 36 2 70–80
S7 DR2 p1 5.0 20 110 6.20 38 24 36 2 85–95
S8 DR2 p2 5.0 35 80 6.20 38 24 36 2 85–95

4 PAVEMENTS WITH LESS THAN 6 CM THICK BITUMINOUS WEARING COURSES

4.1 Experimental results

Eight pavements of this type have been analysed. Table 1 gives the main characteristics of the
pavement structures, and of the bituminous materials. The levels of deflection of each pavement,
under the standard 65 kN dual wheel load, at the start of the experiments, are also indicated.
The bituminous mixes used in all these experiments are mixes specified in France for low traffic
pavements, presenting high bitumen contents (between 6 and 6.45% of grade 50/70 bitumen); their
standard elastic moduli (at 15◦C and 10 Hz) vary from 4000 MPa to 5000 MPa. The experiments
S2, S3 and S4 have been analysed by Odéon et al. (1994).

On these structures, the first distress observed was rutting, and cracks started to develop only
when the rut depth exceeded 12 to 15 mm. Investigations performed at the end of the experiments
indicated that the rutting was mainly due to permanent deformations of the unbound granular layers
and not only of the subgrade, contrary to what is assumed in the French pavement design method,
where the only design criterion for rutting is the maximum vertical elastic strain εz at the top of the
subgrade.

For these very thin pavements, the measurements indicate that maximum tensile strains at the
bottom of the bituminous layers are generally transversal, and located under the centre of each
wheel. They are generally 1.2 to 1.5 times higher than longitudinal strains. This probably explains
why the cracks observed in these experiments were mainly longitudinal (assuming bottom-up
cracking), except on structures S5, S6 and S8. Figure 4 shows a typical example of the crack
patterns observed on these structures.

On structures S5 and S6, cores taken after observation of the first cracks indicated that the cracks
were superficial, and stopped a few millimetres below the surface. These first transversal cracks
were short (20 to 40 cm) and very thin, and led to a production of fines due to attrition. Visco-elastic
calculations performed on similar pavement structures (Heck et al. 1998, Duhamel et al. 2005) have
shown that visco-elastic behaviour can generate significant tensile stresses at the top of the thin bitu-
minous layer, near the wheel, and this could be one possible explanation of the top down cracking.

Table 2 describes the experimental conditions, and the distresses observed on the 8 pavement
structures. The evolution of cracking with the number of loads is shown in Figure 5. Although the
pavement structures are similar, two types of evolution can be seen: On structures S1 to S4, and
also S7, the first cracks appear early (between 50 000 and 200 000 cycles), and cracking develops
rapidly to failure (more than 90% cracking after 100 000 to 500 000 cycles). On structures S5,
S6 and S8, development of cracking is much slower (50% cracking is attained after 750 000 to 1
million loads). Two main factors probably explain these differences:

– The bearing capacity of the soil: In experiments S1 to S4, the soil (clayey sand) had an elastic
modulus of about 60 MPa after construction. In comparison, in experiments S5 to S8, a stiffer
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Figure 4. Illustration of cracks observed on structure S1 at the end of the experiment.

Table 2. Distresses observed on the pavements with 5 cm thick wearing courses.

Number of loads
(millions) leading to Rut depth at Temperature Soil
10% 50% 10% cracking in BC Rainfall modulus

Experiment First cracks cracking cracking (mm) (◦C) (mm) (MPa)

S1 Longitudinal 0.350 0.450 22 10–30◦C Medium 60
S2 Longitudinal 0.180 0.300 12 5–20◦C Abundant 60
S3 Longitudinal 0.100 0.110 12 5–20◦C Abundant 60
S4 Longitudinal 0.060 0.080 12 5–20◦C Abundant 60
S5 Transversal 0.500 0.950 20 20–55◦C Dry 110
S6 Transversal 0.590 1.050 20 20–55◦C Dry 110
S7 Longitudinal 0.050 0.200 15 0–45◦C Medium 80
S8 Transversal 0.300 0.750 20 0–45◦C Medium 80
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Figure 5. Evolution of the extent of cracking on the pavements with 5 cm thick wearing courses.
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Table 3. Comparison of predicted and observed lives of the experimental pavements (number of 130 kN axle
loads NE).

S1 S2 S3 S4 S5 S6 S7 S8

Standard design NE 14600 902000 492000 2610000 28400 224000 28400 224000
Design with back 118000 388000 61000 1180000 150000 450000 160000 520000

calculated moduli NE
Experimental NE 36000 340000 115000 95000 430000 800000 80000 900000

soil with levels of modulus varying between 80 and 110 MPa was used. This is in accordance with
the French design method, where a penalization factor is applied to low bearing capacity soils.

– The climatic conditions. Structures S1 to S4 were tested in autumn or winter, with mild temper-
atures and heavy rainfall, leading to high moisture contents in the unbound layers. Structures
S5 and S6 were tested during summer with high temperatures and practically no rainfall. Struc-
tures S7 and S8 were tested in Summer and autumn, with a high water table level in the soil.
Dry and hot conditions certainly contributed to the good performance and slow evolution of
cracks on structures S5, S6. Structures S7 and S8, with high water table level, present a different
behaviour. On structure S7, with a thin granular base (20 cm) cracking developed much earlier
than on section S8, with a 35 cm thick granular base.

4.2 Predictions of pavement lives and conclusions

The observations on the low traffic pavements with less than 6 cm thick bituminous wearing course
clearly show that the main distress mode of these pavements is rutting, mainly localized in the
granular layers and subgrade. In the French design method, based on a multi-layer linear elastic
model, the design criterion used for these pavements with a thin surface layer is only a rutting
criterion. No bituminous layer fatigue criterion is used, and this is coherent with the observed
behaviour. The rutting criterion is expressed by:

where εz: the maximum vertical strain at the top of the subgrade
NE the number of equivalent standard axle loads (130 kN axle).
In these pavements with a thin surface layer, cracking was observed only after a significant level

of rutting, and then contributed to the degradation of the pavement, in particular by facilitating
infiltration of water. This good resistance to cracking is probably due to the use of specific bitumi-
nous mixes, specified in France for low traffic pavements, which a high bitumen content, and this
confirms the interest of these materials.

To evaluate the French design method, design calculations have been performed, with the rut-
ting criterion, for the 8 experimental pavements. For each pavement, two calculations have been
performed. The first one was performed with standard values of elastic moduli of the unbound
granular layers and subgrade, defined from empirical criteria (standard design procedure). The
second calculation was performed with values of elastic moduli back-calculated from in situ mea-
surements (FWD or deflection tests). The results of the design predictions (number of axle loads
NE to failure) are presented in Table 3. In general, better predictions are obtained with the back-
calculated layer moduli. These last predictions are reasonable for all structures except S4, with
ratios between the experimental and predicted design life varying between 1.1 and 3.3. The only
exception is structure S4, where the real life is largely over-predicted. This structure differs by its
very thick granular base (55 cm). With such a thick granular layer, the subgrade strain εz becomes
low, and the subgrade strain criterion is not any more applicable. Clearly, for structure S4, another
design criterion is required (rutting criterion for the granular layer).
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Table 4. Main characteristics of the pavement structures with 6 to 12 cm thick wearing courses.

Layer
thickness (cm) Soil AC composition (in %)

modulus Deflection

Experiment Name BC UGM (MPa) %bit 10/14 6/10 2/6 0/2 Fines 0.01 mm

S9 Enr ph1 str1 7.0 40 50/70 5.40 29 16 22 32 1 90–100
S10 Enr ph1 str2 7.5 40 50/70 5.40 29 16 22 32 1 110–120
S11 Enr ph2 str1 9.0 40 50/70 5.40 29 16 22 32 1 100–120
S12 Enr ph2 str2 7.5 40 50/70 5.40 29 16 22 32 1 130–140
S19 Enr ph1 str4 11.0 40 50/70 4.60 29 16 22 32 1 70–90
S20 Enr ph 2 str3 11.0 40 50/70 4.60 29 16 22 32 1 90–110
S22 Enr ph 1 str3 8.0 40 10/20 6.20 29 16 22 31 2 70–80
S23 Enr ph 2 str4 6.0 40 10/20 6.20 29 16 22 31 2 100–120

To improve the rutting predictions, further research is carried out at LCPC to develop a finite
element model, for calculation of permanent deformations in these low traffic pavements (Finite
element program ORNI, Hornych et al., 2007).

5 PAVEMENTS WITH 6 TO 12 CM THICK BITUMINOUS WEARING COURSES

5.1 Experimental results

Eight pavement structures with more than 6 cm thick bituminous layers have been analysed.
The main characteristics of the pavement structures and materials are given in Table 4. In these
experiments, different bituminous mixes have been tested:

– Classical bituminous concretes (BBSG) in structures S9 to S12, with elastic moduli at 15◦C and
10 Hz varying between 6000 and 7000 MPa.

– Road base bituminous materials (GB) in structures S19 and S20 with elastic moduli at 15◦C and
10 Hz varying between 9000 and 12000 MPa. On structure S19 this material was covered by a
2 cm very thin bituminous concrete layer; no wearing course was used on S20.

– High modulus bituminous mixes (EME) in structures S22 and S23, with elastic moduli at 15◦C
and 10 Hz varying between 12000 and 13000 MPa.

For all these structures, the main mode of distress is cracking of the bituminous layers. When the
extent of cracking attains 10%, the rut depth remains low, varying generally between 3 and 7 mm.
Moreover, the type of bituminous mix influences the mode of cracking observed.

Table 5 describes the experimental conditions, and the distresses observed on the pavement
structures with 6 to 12 cm thick bituminous layers. The evolution of cracking on these structures
is summarised in Figure 7. For structures S9 to S12, with a standard bituminous concrete, the first
cracks were in all cases transversal (an example is shown in Figure 6), and there was evidence that
some of them initiated at the top of the layer, and propagated downwards. For these structures,
measurements indicated that the longitudinal and transversal tensile strains, at the bottom of the
bituminous layer were of the same level. Cores taken on structures S9 and S10, after the observation
of the first cracks, indicated that these cracks were superficial, and went only a few millimetres
below the surface. Later, the cracks propagated through the whole bituminous layer. The first cracks
appeared for levels of rut depth of about 4 to 7 mm.

For structures S19 and S20 (road base bituminous material, with a relatively low bitumen con-
tent), cracks were also transversal. They started to appear for levels of rut depth of 3 to 5 mm, and
rapidly crossed the whole layer.
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Table 5. Distresses observed on the pavement structures with 6 to 12 cm thick wearing courses.

Number of loads
(millions) leading to

Rutting at
10% 50% 10% cracking Temperature Rainfall

Exp First cracks cracking cracking (mm) AC in ◦C (mm)

S9 Transverse 1.000 1.300 7 5–40◦C Medium
S10 Transverse 1.000 1.700 7 5–40◦C Medium
S11 Transverse 0.250 1.000 4 5–30◦C Medium
S12 Transverse 0.250 0.300 5 5–30◦C Medium
S19 Transverse 2.300 2.700 5 5–40◦C Medium
S20 Transverse 0.250 0.400 3 5–30◦C Medium
S22 Transverse 1.200 1.750 3 5–40◦C Medium
S23 Transverse 0.200 0.300 3 5–30◦C Medium

Figure 6. Transversal cracking observed on structure 9.
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Figure 7. Evolution of the extent of cracking on the pavements with 6 to 12 cm thick wearing courses.
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Structures S22 and S23 were built with high modulus bituminous mixes. Usually, these materials
are used for base course, and are covered with a wearing course, but on the test track, they were tested
without wearing course. In these stiff materials, the cracks (again mainly transversal) appeared for
low levels of rutting (2 to 4 mm) and developed rapidly.

Structures S9, S10, S19 and S22 present a long life (between 1.3 and 2.6 million loads to reach
50% of cracking), see Figure 7 . Structures S11, S12, S20 and S23 present a much shorter life (0.3 to
1 million loads), despite the fact that they were built to have the same characteristics (S11 was iden-
tical to S9, etc.). However, the structures S11, S12 and S20 were built on a layer of crushed gravel
which had been extracted and recompacted, and which had a low density. In addition, structure 23,
with high modulus bituminous mix, had a thinner bituminous layer (6 cm instead of 8 cm).

5.2 Predictions of pavement lives and conclusions

For these pavements, design calculations were performed, in order to predict the pavement life, and
make comparisons with the observed behaviour. For these bituminous pavements, two design crite-
ria are applied, in the French pavement design method: the rutting criterion limiting the maximum
vertical strain at the top of the subgrade (equation 1), and a fatigue criterion limiting the maximum
tensile strain εt at the bottom of the bituminous layer. However, the relevant design criterion is
generally the fatigue criterion, expressed as follows:

where: ε6 the strain leading to a fatigue life of 106 cycles, determined at 10◦C and 25 Hz,
b:the slope of the fatigue line,
NE the number of equivalent standard axle loads (130 kN dual wheel axle loads),
E(10◦C): the modulus of the bituminous material at 10◦C and 10 Hz,
E(θ): the modulus of the bituminous material at the design temperature θ and 10 Hz,.
kr, ks and kc are coefficients related respectively with the risk of failure, the penalization
for low bearing capacity soils and the calibration of the model (comparison between
predictions of the model and behaviour observed on real pavements).

This fatigue design criterion was applied, for the 8 pavement structures, using fatigue parameters
determined from two-point bending fatigue laboratory tests. Two calculations were performed for
each pavement structure: in the first one, a constant temperature of 15◦C (generally adopted for
standard design) was used. In the second calculation, the temperature variations were considered,
by cumulating the fatigue damage occurring at each temperature θ (by intervals of 5◦C), using the
Miner hypothesis for damage accumulation.

Comparisons of the design lives predicted with these two approaches with the experimental
pavement lives (number of loads leading to an extent of cracking of 50%, assumed equal to the
design risk of failure) are given in Table 6. Clearly, for these pavements, the two design approaches
lead to unrealistically low design lives. It must be stressed that all the pavements are tested in
accelerated conditions, without normal seasonal variations, and material ageing, which could be
favorable. But, nevertheless, the application of the fatigue criteria, based on laboratory tests, leads
here to very poor predictions. This could mean that:

• For these relatively thin pavements, the conventional fatigue criterion (assuming bottom up
cracking) does not describe correctly the failure mechanisms.

• The laboratory fatigue tests are not representative of the in situ behaviour. The bending test,
without confinement, may be too severe compared with the in situ stress conditions, as well as
the continuous high frequency loading (25 Hz). For instance, studies performed by de la Roche
et al. (1994) have shown the strong influence of rest periods on fatigue behaviour.
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Table 6. Comparison of predicted and observed lives of the experimental pavements (degradation level 50%).

S9 S10 S11 S12 S20 S21 S22 S23

Standard design 69000 14500 50000 63000 153000 102000 169000 29900
(θ = 15◦C) NE

Design with 68000 6400 11700 8700 30700 7400 328000 11600
variable
temperature NE

Experimental NE 1250000 1687500 995000 322000 2700000 385500 1750000 294500

• The fatigue criterion (based on parameters determined at 10◦C, equation 2) is probably not
sufficient to take into account the thermal susceptibility of the materials, and this is at present a
subject under research at LCPC.

• It is probable that, due to the absence of ageing and seasonal variations, the accelerated tests
lead to higher pavement lives than on real roads. This effect may be corrected by considering
the relative performance in comparison with a reference pavement.

6 CONCLUSIONS

The paper presents a synthesis of pavement deterioration mechanisms observed in APT experi-
ments, on the LCPC fatigue carrousel, on low traffic pavement structures, with unbound granular
bases. The experiments lead to similar deterioration mechanisms as on real pavements. The main
deterioration mechanism depends on the thickness of the bituminous surfacing (less than 6 cm, or
between 6 and 12 cm). For the pavements with very thin bituminous layers , the main deteriora-
tion mechanism is rutting due to permanent deformations of the unbound layers, and significant
cracking appears only after 10 to 15 mm of rutting; this cracking is mainly longitudinal. For the
pavements with thicker bituminous layers (6–12 cm), the main deterioration is cracking, and rutting
remains much more limited (3 to 7 mm). In this case, the cracking is mainly transversal, contrary
to the longitudinal cracking generally observed on real pavements.

For the two types of structures, design calculations have been performed with the French design
method. For the very thin pavements, reasonable predictions of the service life are obtained, despite
the simplifications of the model (subgrade rutting criterion only). For the thicker pavements, where
bituminous layer fatigue is the design criterion, however, the design method leads to a large under-
estimation of the observed pavement life, showing the limits of the conventional fatigue criterion.
These results show the necessity:

– to improve the modelling of fatigue damage in pavements. Research is presently carried out
at LCPC on development of a damage model for bituminous materials in pavement struc-
tures (Bodin et al., 2004a, b) and on modelling of pavements with vertical discontinuities,
to understand crack propagation phenomena (Chabot et al., 2007).

– to study the real representativity of accelerated tests, which do not take into account ageing of
materials, climatic effects and variability of loads, regarding fatigue mechanisms.

– to develop specific sensors to survey development of cracking in pavements.
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ABSTRACT: Pavement strength is defined as the maximum stress that leads to crack initialization
in a concrete pavement. Full-scale static step-loads were applied at the free edge of concrete slabs
to induce bottom-up and top-down cracks, and then to determine the pavement strength. Both top-
down and bottom-up crack initializations were successfully detected. Then the pavement strength
was estimated using the collected test data and two assumptions: the pavement strength is similar at
the slab top and bottom, and the residual stress at the slab top and bottom has the same magnitude
but different signs. It has been found that the laboratory flexural strength of the cast beam was
higher than the pavement strength in full-scale tests, while the flexural strength of the saw-cut
beams from the slabs was lower than it.

1 INTRODUCTION

The concept of concrete pavement strength is very different from the strength of concrete used to
build the pavement. Most failure models used in concrete pavement design are based on Miner’s
fatigue model (Miner et al., 1945). For the simplest case, single type load, the following equation
is used

Where N is the load coverage to pavement failure; σ is the critical stress predicted in the pavement
under a specific load and R is the flexural strength of the concrete mix. The value N is very sensitive
to value R. In Miner’s work, σ and R were obtained from the same type of test specimen. Therefore,
when σ = R, N = 1, then strength failure occurs. When σ < R, N > 1, more load repetitions will
lead to the specimen failure. It is unrealistic to use “pavement strength” for pavement design so
the strength obtained from a specimen has to be used. Therefore different test standards such
as ASTM C39, C78 and C496 were developed simulating different stress states. Currently, the
flexural strength of concrete is widely used in concrete pavement design procedures. However, it
is interesting to compare the strength from a specimen and from the pavement itself since the later
makes the application of the fatigue equation closer to the assumptions in Miner’s model.

Full scale tests were conducted at the FAA’s National Airport Pavement Test Facility (NAPTF) in
April and May, 2005 to observe crack behavior on Portland Cement Concrete (PCC) slabs. During
the period the pavement strength was obtained and compared to the “beam flexural strength” from
the laboratory tests. The full-scale testing was conducted on three rigid test items with different
cross sections as shown in Figure 1. Each test item contained twenty 4.6 m by 4.6 m (15 ft. by 15 ft.)
slabs, four slabs in the transverse direction and five slabs in the longitudinal direction. The test
items were built on a medium strength subgrade with CBR values of 7 to 8 and the 30.5 cm (12 in)
slab thickness. The three structures only difference was the subbase layer material: conventional
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Figure 1. Cross section of rigid structures tested at the FAA’s NAPTF.

Figure 2. Strip 30.5 cm (12 inch) wide by 22.86 m (5 slabs length, 75 ft) were saw-cut and removed.

2 4 6 8 10
30.5cm 

1 5 97 BA

45.7 cm�5

3

Figure 3. Ten strain gages mounted on slab S11 free edge.

(granular) for MRC and stabilized for MRS, there was no subbase for MRG where the slab was
placed on grade.

The three structures were built to contribute in the calibration of the FAA’s new rigid pavement
design model for airports (Brill 2006). After the traffic testing was completed, all the slabs located
in the loading/traffic area next to the longitudinal side joint (north and south sections) were severely
distressed. However, no cracks were observed at longitudinal joint next to the center line since no
load was applied in that area. A 30.5 cm (12 in) wide and 22.86 m (75 ft) long (slabs S11, S12, S13,
S14 and S15) strip was cut in test item MRC, south of the center line longitudinal joint as shown
in Figure 2. Strain gages were mounted on the free edge of the cut slabs. The strain gage locations
on slab S11 are shown in Figure 3. The distance from the upper and lower gages to the slab top and
bottom respectively was 3.8 cm (1.5 in). Heavy static and slow rolling loads were applied along
the free edge of the tested slabs. Both, bottom-up and top-down cracks were induced as planned
and their propagation histories were not only collected from the strain gages but recorded using
a camcorder. The major effects affecting the pavement cracking behavior in the tested slabs have
been analyzed and summarized in this paper.
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(a) Strain histories of gages 1 and 2

(b) Strain histories of gages 3 and 4

(c) Strain histories of gages 5 and 6
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Figure 4. Strain histories under a slow rolling load.

2 RELIABILITY OF TEST DATA

Before the execution of the test plan the strain gage reliability was evaluated. Figure 4 shows the
recorded history of strain gages 1 to 6 under a 13.2 ton (30,000 lbs) single wheel moving load in
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slab S11 in direction from B to A in Figure 3. The results show symmetric records received by the
upper (1, 3 and 5) and lower (2, 4 and 6) gages. Comparing the three histories in Figure 4 it can
be observed that the magnitude of the strain recorded by gages 5 and 6 were the highest, and the
lowest were recorded by gages 1 and 2, when the wheel load was sitting exactly above the gages.
Figure 4 also shows the inverse bending strain variation when the single wheel was moving from
point B to A. Gages 5 and 6 recorded the highest inverse bending strain and gages 1 and 2 the
lowest. This can be explained because the wheel load moved out of the tested slab shortly after
rolling over gages 1 and 2, but remained on the slab enough time to allow the development of the
inverse strain for gages 5 and 6 after rolling over them.

Figure 5a shows the strain histories of gages 1 to 6 under a static single wheel load on gages 3
and 4, and Figure 5b is an actual picture taken during the static loading of gages 5 and 6. The single
wheel was loaded on a specific location, held position for about 10 seconds and then unloaded.

(a) Strain histories of gages 1 to 6 under a static single wheel load

(b) The 13.2 ton (30,000 lbs) singlewheel load was above gages 5 and 6
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Figure 5. Strain histories of gage 1 to 6 under a static single wheel load.
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During the holding period, the recorded data was relatively stable. The average five-second data
shown in Figure 5a is defined as the “static strain” under the static load.

The results shown in Figures 4 and 5 verify the reliability of the collected data. Slab S11 was
selected to conduct several tests due to its accessibility and good structural condition. Eight of the
ten mounted gages were verified reliable, including gages 1 to 6. Gages 7 and 10 recorded data
was unreliable and it has not been used in this paper. The first crack initialization was observed
between gages 3 and 5, from the slab top down to the slab bottom. Since all six gages were reliable,
the collected data could be used for crack behavior analysis, and later for the calculation of the
pavement strength.

3 INITIALIZATION OF TOP-DOWN CRACK UNDER A STATIC LOAD

An incremental load of 2270 kg (5,000 lbs) was applied to the left corner of slab S11. The collected
load records in shown in Figure 6a and the strain history in Figure 6b. The test consisted in
loading the single wheel up to 11,350 kg (25,000 lbs), holding position for few seconds, unloading
the wheel and then waiting for few seconds before the application of the next incremental load
until 13,620 kg (30,000 lbs) was reached. During the waiting period after unloading, the slab was
surveyed to investigate whether a top-down crack had been developed.

During the incremental load test at slab S11 corner, a top-down crack was visually observed
shortly after the single wheel was loaded to 27,240 kg (60,000 lbs). The researchers clearly noticed

Figure 6. Initialization of top-down crack in slab S11 detected by strain gage records.
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Figure 7. Propagation of a top-down crack in slab S11 recorded by strain gages.

the occurrence of the crack even before the wheel was unloaded. After the test was completed,
the strain records were analyzed and presented in Fig. 6b. After 22,700 kg (50,000 lbs) load was
applied, the strain values gradually increased during the load holding period. The increase in strain
might indicate the development of a micro crack near the slab surface. The micro crack width
continuously increased while the load was held. However, the crack propagation during this time
was not significant for visual observation. The macro crack was observed when the wheel was
loaded up to 27,240 kg (60,000 lbs).

4 PROPAGATION OF TOP-DOWN CRACK INTO FULL DEPTH UNDER A
STATIC LOAD

After the top-down crack was initialized in slab S11, it was visible to the naked eye. The crack
was located between gages 3 and 5, about 12.7 cm (5 in) away from gage 5. Since the crack did
not propagate to full depth, the 27,240 kg (60,000 lbs) static wheel load was repeatedly applied
(twenty times) to induce full depth propagation, the strain records for gages 5 and 9 are presented
in Figure 7. The strain data in gage 9 was showing a higher value than the strain data in gage
5, just reverse of what was happening before the crack was initialized, when the strain in gage 5
was the highest (Fig. 6b). It can be observed the readings were relatively stable for the two gages
after ten repetitions of incremental loads. The change in strain readings from unstable to stable is
an indication that a full depth crack was developed. During the crack propagation, the pavement
structure continuously changed after every load, and after the full-depth crack was developed, a
new stable pavement structure was formed. Therefore, all strain gage readings became stable. Not
only the crack initialization, but also the completion of a full depth crack was detected in the test.
The application of the finding will be discussed in section 7.

5 BEHAVIOR OF BOTTOM-UP CRACK UNDER A STATIC LOAD

Slab S12 in test item MRC was selected to run bottom-up crack testing (Fig. 8). The single wheel
was loaded at the middle of the free edge. After 24,970 kg (55,000 lbs) wheel load was applied, a
very fine crack was observed at the slab bottom. The crack was initialized near the strain gage but
did not propagate through the gage. The strain histories under the same incremental load for slab
S15 show a similar crack behavior as shown in Figure 9a. Although the initialization of bottom-up
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Bottom-up Crack Initialized, Slab S12
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Figure 8. Initialization of bottom-up crack in slab S12 detected by strain records.

crack was visually observed after the 24,970 kg (55,000 lbs) wheel load was applied, it is obvious
that the crack was initialized before that loading.

If the crack initialization occurred when the loading was 20,430 kg (45,000 lbs), the correspond-
ing strain was about 105 micro strains (Figs. 8, 9a).

Hoping to induce and record the crack propagation history for the bottom-up crack, a static
incremental load test series were conducted in slab S12. The initial single wheel load was 27,240 kg
(60,000 lbs) with increments of 2270 kg (5,000 lbs) up to 43,130 kg (95,000 lbs). The strain histories
presented in Figure 10 are a continuation of Figure 8. There was no crack propagation to full-
depth even under application of extremely heavy single wheel load. The lack of crack propagation
was verified by visual survey, and collected strain histories. The strain gage readings at the top of
the slab in Figure 10 continued increasing and did not reach stable values. No full depth crack was
developed. Similar behavior was observed while testing slab S15 (Fig. 9b).

6 ESTIMATION OF PAVEMENT STRENGTH

Since strain histories were recorded covering the entire process of concrete cracking, we may
estimate the pavement strength using two additional assumptions: (1) both, the top-down and
bottom-up cracks share the same concrete pavement strength; (2) the residual stress in the slab due
to the long term environmental effects are the same at slab top and bottom.

A few dozens of beams 15.3 cm (6 in) wide, 50.8 cm (20 in) long and 30.5 cm (12 in) thick were
saw-cut from the full scale rigid test items. Then the beams were saw-cut in half (thickness) to
satisfy ASTM C78 requirement for flexural strength testing. Some beams were tested such that the
bottom of the slab remained as the bottom of the specimen. Others were tested using the middle of
the slab as the bottom of the specimen. The final group was tested setting the top of the slab as the
bottom of the specimen. Laboratory tests following ASTM C78 showed that the flexural strengths
for the three groups had similar values. Therefore, assumption (1) can be used.

Residual stress is a very complicated topic since there is no direct testing procedure in existence
that can measure residual stress in a concrete pavement due to a long term environmental effects
before a load is applied. A simple and realistic way is to assume that the magnitudes of the maximum
residual stress at the slab top and bottom are similar but with different signs – the residual stress
at the slab top is in tension and at the slab bottom is in compression, after all the joints have been
formed (Dong 2003).

The concrete modulus value E selected was 37,930 MPa (5,500,000 psi), This value was measured
using the Portable Seismic Pavement Analyzer, PSPA (Nazarian et al. 1997). The micro strain
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(a) Bottom Gage

(b) Top Gage

Bottom-up CrackInitialized, Slab S15,Bottom Gage
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Figure 9. Strain histories under static step loads, slab S15, MRC.

detected by strain gage under the 22,700 kg (50,000 lbs) wheel load in Figure 6 was 68 micro
strain at the gage located 3.8 cm (1.5 in) from the slab surface. Extrapolating to the slab surface:
[σ] = 3.44 MPa (499 psi). The macro crack observed at wheel load 27,240 kg (60,000 lbs) recorded
84 micro strains. Extrapolating to the slab surface: [σ] = 4.25 MPa (616 psi). Based on the micro
strain detected by strain gage under the wheel load 20,430 kg (45,000 lbs), 105 micro strain at the
gage located 3.8 cm (1.5 in) from the slab bottom was recorded in both slabs S12 and S15 (Figs. 8
and 9a): [σ] = 5.31 MPa (770 psi).

Using assumption (2), the magnitudes of residual stress at the slab top and bottom are the
same, the pavement strength defined as the total stress that cracks a pavement is ranged from
(5.31 + 3.44) ÷ 2 = 4.375 MPa (635 psi) to (5.31 + 4.25) ÷ 2 = 4.78 MPa (693 psi). The 28-day
laboratory flexural strength (ASTM C78) was 5.13 MPa (744 psi), and the average flexural strength
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Figure 11. Failure model in FAA’s current design procedure for PCC airport pavements.

obtained from the saw-cut beams in non-traffic area was 4.25 MPa (617 psi) (Ricalde et al., 2005). It
can be concluded that the flexural strength for the cast beams over-estimated the pavement strength
and the flexural strength for the saw-cut beams under-estimated the pavement strength, both test
specimens followed the same ASTM C78 standard.

7 POTENTIAL APPLICATION FOR CALIBRATING DESIGN PROCEDURE

The new FAA design procedure for rigid pavements (FAARFIELD) selected the failure model
proposed by Rollings in 1988. Structural Condition Index (SCI) is used to define the structural
condition of a pavement in service. SCI = 100 is defined for a new constructed pavement until the
first full-depth crack is developed as seen in Figure 11. SCI = 80 is defined as the end of pavement
structural life. N in Figure 11 represents the number of the load coverage that produces the maximum
calculated critical stress in the pavement. Point A indicates the pavement crack initialization. It is
worth to know not only how many load repetitions lead to the end of the pavement structural life,
but also how many load repetitions a new pavement require for the initialization of the first crack,
and propagation of the crack initialization to the full depth.

The results presented in this paper are concentrated on the pavement strength under static incre-
mental loads. Some pavement strengths under slow rolling loads have also been measured in MRC,
MRG and MRS at the FAA’s NAPTF. The detailed failure description and analysis may be found
in Brill 2006 and Ricalde et al. 2005. When sufficient full scale test data are obtained, the final
design failure model would be calibrated using the collected full scale data.
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ABSTRACT: A wide range of fatigue performance has been observed from the 12 full-scale lanes
of FHWA’s ALF pavements constructed with various modified binders. ALF fatigue experiment
is an important part of a new transportation pooled fund study to validate and refine changes in
the Superpave binder specification and mixture simple performance tests. This paper first presents
the fatigue cracking data in both crack length and percent area crack obtained from these 12 lanes
of ALF testing pavements. Then an evaluation of the fatigue cracking characteristics is followed,
which include correlation between crack length and area cracked, surface cracking initiation and
cracking rate, crack length variations within the ALF test site, cracking orientation, and cracking
initiation location.

1 INTRODUCTION

In the summer of 2002, under a new transportation pooled fund study TPF-5(019), 12 full-scale
lanes of pavements with various modified asphalts were constructed at the Federal HighwayAdmin-
istration’s (FHWA) Pavement Testing Facility (PTF) in Virginia. The primary goal of the study is
to use FHWA’s two Accelerated Loading Facility (ALF) machines to validate and refine changes
being proposed in the Superpave binder specification to properly grade modified binders. The
study will also provide valuable data to test new features of the Mechanistic-Empirical Pavement
Design Guide as well as other pavement technologies. During the construction, all 12 lanes were
instrumented with strain gauges and differential survey plates. Pavement strain responses were
measured after the construction (1) and during the course of ALF loading in the pavement fatigue
tests (2). Full-scale accelerated loading testing started a month later after construction to induce
both rutting and fatigue distresses. Rutting test results have been reported previously (3). Fatigue
tests have been just completed for all 12 pavement lanes conducted at 19◦C temperature and 74 kN
load. A wide range of fatigue performance has been observed from these pavements. This paper
presents these fatigue test results and an evaluation of the fatigue cracking data obtained to date.

2 ALF PAVEMENT TESTING EXPERIMENT

FHWA’s PTF consists of two ALF machines (Figure 1) on about 3420 m2 of grounds that provide
space for 12 pavement test lanes. The ALF machines simulate traffic loading at controlled loading
and pavement temperatures and are 29-m long frames with rails to direct rolling wheel loads. Each
machine is capable of applying an average of 35,000 wheel passes per week from a half-axle load
ranging from 33 to 84 kN. The current layout of the 12 as-built pavement lanes is presented in

35



Figure 1. The FHWA two ALF machines loading pavements at PTF site.

Figure 2. Layout and cross-section of the 12 as-built pavement lanes.

Figure 2. Each pavement lane is 4 m wide and 50 m long, and is divided into four test sites. All
pavement lanes consist of a hot-mix asphalt (HMA) layer and a dense-graded, crushed aggregate
base (CAB) course over a uniformly prepared, AASHTO A-4 subgrade soil (silty clay). The total
thickness of the HMA and CAB layers is 660 mm. Lanes 1 through 7 were constructed with a
100-mm thick layer of HMA, while lanes 8 though 12 were constructed with 150 mm of HMA. The
HMA is a dense graded mixture with a 12.5 mm maximum nominal aggregate size. The binders used
in each lane are also listed in Figure 2. Note that the control binder (PG 70-22) and three modified
binders (Air-Blown, SBS-LG, and Terpolymer) are used in both 100-mm and 150-mm thick lanes.

Each pavement lane has four test sites available allowing full-scale testing for two failure modes;
rutting (sites 1 and 2) at 64 and 74◦C without transverse wander, and fatigue cracking (sites 3 and
4) at 19 and 28◦C with transverse wander. The performance data will be compared to the extensive
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laboratory material characterization of the binders and mixtures to achieve the overall project
objectives.

For fatigue test, cracks were manually traced onto clear plastic Mylar sheets as they formed at
the surface of the pavements. Different color pens were used to correspond to the number of load
repetitions. Two approaches were used to process the data. One was to measure the total crack
length and the other was to measure the percentage of area cracked in the loaded area.

3 FATIGUE TESTING RESULTS

The ALF fatigue tests at 19◦C and 74 kN have been completed for all 12 pavement lanes. Figure 3
graphically presents the fatigue cracking data at various ALF passes. The cumulative crack length
and the percentage of the area cracked are shown in Figure 3 (a) for 100-mm HMA pavements
and in Figure 3 (b) for 150-mm HMA pavements. As shown in the figure, the fatigue performance
rankings are identical by both crack length and crack area. As expected, a wide range of fatigue
performance can be observed from both figures. Based on these original measured cracking data,
the fatigue performance rankings are quite evident: for the 100-mm HMA pavements, Lane 1
with CR-AZ binder, showed the best fatigue cracking resistance, i.e., no crack was found on the
pavement surface after 300,000 ALF passes; followed by Lane 7 with fibers, Lane 4 with SBS-LG,
Lane 6 with Terpolymer, Lane 5 with CR-TB, Lane 2 with control binder, and the worst fatigue
performance for Lane 3 with air-blown binder. For lanes 8 to 12 with 150-mm HMA pavements,
after more than 300,000 ALF load passes, Lane 10 (air blown) has significant cracks; Lanes 8
(control) and 9 (SBS 64-40) showed minor cracking; Lane 11 (SBS LG) and 12 (Terpolymer)
have not shown any crack yet. It is recommended that more ALF loads be added to the 150-mm
pavements in the next year winter period to at least obtain the cracking initiation for both Lane 11
and Lane 12. It should also be pointed out that some construction variations in HMA layer air void,
thickness, and base layer support may have effect on the fatigue performance. For example, Lane
1 has a stiffer aggregate base layer indicated by the FWD testing conducted during construction,
which may have a significantly influence on the pavement fatigue performance (4). The effect
of the variations in the as-built properties is being quantified through the mechanistic pavement
modeling predictions and will be included in the final data analysis report.

4 EVALUATION

4.1 Correlation between crack length and area cracked

Since both the crack length and the percentage of area cracked have been measured, the correlation
between these two measurements can be established so that when the crack length is evaluated, its
correspondent cracking level in percent area will be known. Figure 4 shows the plot of the two
measurements from all cracking data obtained in this study. As seen from the figure, the coefficient
of correlation is bout 0.94 and the slope of regression line is close to 1, which indicates a good
correlation between two measurements and the cumulative crack length in meter is approximately
equal to cumulative percentage of area cracked. Therefore, only one of the measurements will be
further analyzed in the following subsections.

4.2 Surface cracking initiation and cracking rate

In order to facilitate the comparison of HMA fatigue performance between ALF pavement testing
and laboratory binder and mixture testing, a linear model was selected to fit the cumulative crack
length at different ALF loading passes for the 100-mm HMA pavements. In this linear model, the
intercept of the regression line represents theALF loading pass at the surface cracking initiation and
the reciprocal of the slope of the regression line represents the cracking rate. Table 1 summarizes

37



0.00

20.00

40.00

60.00

80.00

0 100000 200000 300000 400000 500000

Number of ALF Passes

C
um

ul
at

iv
e 

C
ra

ck
 L

en
gt

h 
(m

)

0

10

20

30

40

50

60

70

80

P
er

ce
nt

 C
ra

ck
 A

re
a 

(%
)

L10S3 (Air Blown)

L8S3 (Control)

L9S3 (SBS 64-40)

L11S3 (SBS LG)

L12S3 (Terpolymer)

Dashed line:
Percent area

Solid line:
crack length

0.00

20.00

40.00

60.00

80.00

0 100000 200000 300000 400000 500000

Number of ALF Passes

C
um

ul
at

iv
e 

C
ra

ck
 L

en
gt

h 
(m

)

0

10

20

30

40

50

60

70

80

P
er

ce
nt

 C
ra

ck
 A

re
a 

(%
)

L10S3 (Air Blown)

L8S3 (Control)

L9S3 (SBS 64-40)

L11S3 (SBS LG)

L12S3 (Terpolymer)

Dashed line:
Percent area
Solid line :

crack length

(b) 150-mm HMA layer pavements

0

20

40

60

80

100

120

0 50,000 100,000 150,000 200,000 250,000 300,000

ALF Wheel Loading Pass

C
um

ul
at

iv
e 

C
ra

ck
 L

en
gt

h 
(m

)

0

10

20

30

40

50

60

70

80

90

100

P
er

ce
nt

ag
e 

of
 A

re
a 

C
ra

ck
ed

 (
%

)L3S 3 (Air Blown)
L2S 3 (Control)
L5S 3 (CR-TB)
L6S 3 (Terpolymer)
L4S 3 (SBSLG)
L7S 3 (Fibers)
L1S 2 (CR-AZ)

Solid Line:
Crack Length

Dash Line:
Area Cracked

(a) 100-mm HMA layer pavements

Figure 3. ALF pavement fatigue cracking data at 19◦C and 74 kN.

the regression parameters. Rowe number 4 in the table gives very high coefficient of correlation
(R2) for each fatigue test, which indicates the linear model fits the cracking data very well.

There is a general trend: the higher the cracking initiation ALF pass (intercept) is, the lower the
cracking rate is, except for lanes 6 and 5. Modified binder pavements have higher cracking initiation
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Table 1. Linear regression parameters.

Lane/Site L7S3 L4S3 L6S3 L5S3 L2S3 L3S3
(Binder) (Fiber) (SBS LG) (Terpolymer) (CR-TB) (Control) (Air Blown)

Intercept 197414 148879 94306 43811 23709 9343
Slope 7636 2423 1617.3 2216.8 851.39 772.59
R∧2 0.95 0.99 0.97 0.99 0.99 0.99
Cracking Rate 1.31E-04 4.13E-04 6.18E-04 4.51E-04 1.17E-03 1.29E-03
(m/pass)

ALF pass and the lower cracking rate. Therefore, they have more fatigue cracking resistance than
control and air-blown.

With these developed linear models, the predicted ALF load pass for various levels of fatigue
crack length can be calculated as shown in Table 2. All these 6 lanes have the same fatigue per-
formance rankings at all levels of crack length except for the 100 m crack length where Lanes 5
and 6 have changed their rankings. Therefore, the rankings are almost independent to the cracking
levels. A comprehensive comparison of HMA fatigue performance between ALF and laboratory
tests has been performed and reported in a separate paper (5).

An assessment of correlation between theALF pass at various levels of crack length andALF pass
at surface crack initiation was also made and graphically shown in the Figure 5. The coefficient
of correlation R∧2 is shown in the figure with the legends of crack length. For 10 m to 25 m
cracking level (10 to 25% area cracked), the R∧2 value ranges 0.98 to 0.93 while for 50 m to
100 m cracking level (50 to 100% area cracked) the R∧2 ranges 0.87 to 0.81. This indicates the
surface crack initiations are well correlated to the cracking length at various levels. This finding
will especially benefit the APT when the loading time is too constrained to generate a significant
level of cracking, the cracking initiation may be used to reasonably rank the pavement fatigue
performance. For example, Lanes 11 and 12 in the current ALF project are not cracked yet after
more than 300,000 ALF passes and they are recommended to be loaded to the surface cracking
initiation so that all 150-mm HMA pavements can be ranked.
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Table 2. ALF load pass vs. crack length.

Crack L7S3 L4S3 L6S3 L5S3 L2S3 L3S3
Length (m) (Fiber) (SBS LG) (Terpolymer) (CR-TB) (Control) (Air Blown)

10 273774 173,109 110,479 65,979 32,223 17,069
20 350134 197,339 126,652 88,147 40,737 24,795
25 388314 209,454 134,739 99,231 44,994 28,658
50 579214 270,029 175,171 154,651 66,279 47,973
75 770114 330,604 215,604 210,071 87,563 67,288

100 961014 391,179 256,036 265,491 108,848 86,602
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Figure 5. ALF pass at different cracking levels vs. cracking initiation.

4.3 Cracking variations within ALF test site

One of motivations to evaluate the fatigue cracking variation within the ALF test site is to see if
it is feasible to have different treatments within the test site such as different surface materials
or different surface coatings for fatigue testing experiment, which will certainly save significant
loading time and have the same loading environmental conditions for different treatments. However,
the variation level is a major concern: if the variation within the test site is too high it will shield
the effect of the different treatments.

In order to assess the variation, the total recorded loading area of each test site was divided into
8 subsections and the cumulative crack length at different ALF passes were measured for each
subsection. Figure 6 shows these cracking data for 6 lanes of 100-mm HMA pavements. In the
figure, the legends in each plot show the correspondent ALF pass. The #1 subsection is the closest
to the ALF load landing area while the #8 subsection is the closest to the ALF load lifting area. It is
obvious that significant variations exist among the subsections at all levels ofALF load passes for all
6 pavement lanes. It can also observed that those subsections close to both ALF landing and lifting
areas (examples, #1 and #8 subsections) always have less cracks except for lane 5 having the #1
subsection most cracked. The possible sources of this systematic racking variation can include the
construction variations in HMA layer thickness, air void, and base layer support; the ALF dynamic
loading characteristics at landing and lifting may also be a factor of influence. A new hydraulic load
lifting system has been proposed to both FHWA ALF machines which may reduce the dynamic
loading significantly and therefore may reduce the fatigue cracking variation within the test site.

Statistics in terms of mean, standard deviation, and coefficient of variation (CV) were calculated
for each line of data points from Figure 6 and they are presented in Figure 7. As shown by the legends
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Cracking Orientation Evaluation
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Figure 8. Cracking orientation evaluation.

in the figure, the triangle represents standard deviation and the square represents CV. Although
these two statistics showed different trends: the standard deviation increasing with increase in mean
while the CV decreasing with mean, they both showed the very high variation in crack length among
subsections. With such a high variation, it is not recommended to use different treatments within
the ALF test site for the future fatigue experiment unless a significant improvement has been made
in reduction of both ALF dynamic loading and pavement construction variation.

4.4 Cracking orientation

In this study, as the first step to evaluate the cracking orientation, the crack length was measured
in such a way: if the angle between a crack and the longitudinal direction is less than 45◦, the crack
then is classified as longitudinal oriented; if the angle is greater than 45◦, the crack classified as
transverse. The sum of the both types of cracks is the total crack length. Figure 8 shows the ratio of
longitudinal to transverse crack length vs. the total crack length. As seen from the figure, most of
measurements have the value of ratio above 1 (mean = 3.2 with range of 0.7 to 9.1), which means
cracks are more longitudinal oriented. At lower side of total crack length, the ratio tends to be
higher, which means at the early cracking stage the longitudinal cracks are dominated. The next
step to further evaluate the crack orientation is to digitize all the cracking maps then more types of
orientation crack can be defined and calculated.

4.5 Cracking initiation location

In a previous ALF project post mortem study (6), trenching and coring were conduct to investigate
the cracking initiation location within the HMA layer after the completion of pavement fatigue
tests. It was found that cracks initiated from the bottom of pavement inside the ALF wheel path
while cracks initiated from the top of pavements just outside the wheel path. For the current ALF
project, cores have been cut inside the wheel path from most of fatigue test lanes after the end of
ALF loading. Again, the cracks were found to initiate from the bottom of pavements. However, the
cores cut from Lane 1 and Lane 8 showed some special characteristics (see Figure 9).

As shown in Figure 2, Lane 1 HMA layer was constructed with a 50-mm Arizona ARM in the
top lift and a 50-mm control mix in the bottom lift. No crack was found on the pavement surface at
the end of ALF loading. In order to investigate any cracks inside the pavement layer, 4 cores were
cut from the loaded area (Figure 9 (a)). All cores exhibited bottom-up cracks and the cracks are
limited in the bottom lift. This cracking pattern may indicate the higher fatigue cracking resistance
in the top lift Arizona ARM.
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Figure 9. Photos of pavement cores cut at the end of ALF loading.

Figure 9 (b) shows the cores cut from Lane 8 at the end of ALF loading. The top 4 cores were
cut inside wheel path while bottom 3 cores from outside wheel path. Clearly, delaminating has
occurred at the interface of two lifts. It should be loading associated since no delamination took
place in the cores outside wheel path. A investigation is under way to find out the possible causes
of this type of distress during the fatigue testing.

5 SUMMARY AND CONCLUSIONS

• A wide range of fatigue performance has been observed from the 12 lanes of FHWA’s ALF
pavements constructed with various modified binders. For lanes 1 to 7 with 100-mm HMA
pavements, the pavements modified with polymers and AR binders exhibited better fatigue
performance than those with air blown and control binders. For lanes 8 to 12 with 150-mm
HMA pavements, after more than 300,000 ALF load passes, Lane 10 (air blown) has significant
cracks; Lanes 8 (control) and 9 (SBS 64-40) showed minor cracking; Lane 11 (SBS LG) and 12
(Terpolymer) have not shown any crack yet.

• Both crack length and percent area cracked were used to measure the cracking level. The two
measurements were found well correlated and the cumulative crack length in meter is approx-
imately equal to the cumulative percent area cracked. The fatigue performance rankings are
identical by both measurements.

• A linear model was found to well fit the crack length at different ALF passes for the 100-mm
HMA pavements. The intercept of the linear model represents the ALF pass at the surface crack
initiation while the reciprocal of the slope of the model represents the cracking rate. A general
trend shows the higher the ALF pass at surface cracking initiation, the lower the cracking rate
is. The cracking initiation also showed a good correlation with various levels of crack length,
which indicates the cracking initiation may be used to reasonably rank the ALF pavement fatigue
performance.

• High variation in crack length within the ALF test site have been observed from the plots of
cumulative crack length in each of 8 subsections for all 6 lanes of 100-mm HMA pavements. The
subsections close to both ALF load landing and lifting areas have always less cracks. The ALF
dynamic loading effect and construction variations may be responsible for this. Both standard
variation and CV values calculated for 8 subsections are very high, which suggests that it is not
feasible to have different treatments within the ALF test site for future fatigue experiments.

• The ratio of longitudinal to transverse oriented crack length showed the cracks measured from
this project are more longitudinal oriented, and at the early cracking stage the longitudinal cracks
become dominated. Digitizing the cracking maps and further analysis on cracking orientation
are planned.
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• Pavement cores have been cut inside the ALF wheel path to investigate the cracking initiation
location. The cracks were found to initiate from the bottom of pavements, which is consistent with
the findings from a previous ALF project post mortem study. However, Lanes 1 and 8 showed
some special characteristics: 4 cores from Lane1 showed cracks are limited in the bottom lift
(AR in top lift and control in bottom lift); and 3 cores from Lane 8 showed delamination at the
interface of two lifts.
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to assess the use of modified binders to limit reflective
cracking in thin asphalt concrete overlays
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ABSTRACT: A comprehensive laboratory and accelerated pavement testing study has recently
been completed on the use of modified binders to limit reflective cracking in thin asphalt con-
crete overlays at the University of California Pavement Research Center. The experiment entailed
the construction of a 90 m test road consisting of compacted clay subgrade, a 410 mm aggregate
base and 90 mm dense graded asphalt concrete surface. A Heavy Vehicle Simulator (HVS) was
used to induce fatigue cracking on six, eight-by-one metre sections. Trafficking on each section was
stopped when crack density exceeded 2.5 m/m2. Six different overlays, including a dense graded
asphalt concrete control section, and five different rubber modified binder sections, were then
placed on the road. The original six section locations were precisely mapped onto the overlays and
the HVS used to assess reflective cracking in each. Pavement temperatures were controlled using
a temperature chamber. Separate rutting studies were also carried out on the overlays on sections
adjacent to the fatigue sections. In conjunction with the HVS testing, laboratory shear and fatigue
testing was carried out on field-mixed/field-compacted, field-mixed/laboratory-compacted, and
laboratory-mixed/laboratory-compacted specimens. The findings have shown a good relationship
between HVS and laboratory results, with the modified binder overlays limiting reflective cracking
significantly better than the conventional mix. This paper provides an overview of the experiment
and summary of the results. Specific discussions on the various components of the study will be
published elsewhere.

1 INTRODUCTION

California, like most other states in the USA, has a mature road network that requires ongoing
maintenance and rehabilitation. On that part of the network surfaced with asphalt concrete, fatigue
cracking is a common distress, which is typically maintained by placing a thin overlay of dense-
graded asphalt concrete (DGAC) or gap-graded rubberized asphalt concrete (RAC-G). Milling
of the upper 50 mm to 100 mm of the old wearing course may be carried out prior to overlaying
to maintain the existing surface elevation. The life of these overlays depends in large part on the
extent of fatigue cracking in the original surface, and the support provided by the underlying layers.
With a view to extending the life of overlays, a study comprising accelerated pavement testing and
associated laboratory testing was initiated by the California Department ofTransportation (Caltrans)
and the University of California Pavement Research Center (UCPRC) to evaluate the reflection
cracking performance of asphalt mixes used in the state (Caltrans, 2005).

The main objective of this investigation was to compare the performance of three maintenance
overlays using modified binder (MB) mixes against two control maintenance overlay mixes (DGAC
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and RAC-G), essentially asking the question “Will gap-graded modified binder (MB-G) mixes
provide performance equal to gap-graded rubberized asphalt concrete (RAC-G) mixes in half-
thickness applications?” (UCPRC 2003). MB binders are asphalt binders modified with polymers
and recycled tire rubber and blended at the refinery (terminal blend) meeting a Caltrans performance
related specification. This study, termed the MB-Road study, is part of a larger study to develop
improved rehabilitation designs for reflection cracking for California. The objectives of this study
will have been met after completion of four tasks:

1. Develop improved mechanistic models of reflection cracking in California
2. Calibrate and verify these models using laboratory and HVS testing
3. Evaluate the most effective strategies for reflection cracking
4. Provide recommendations for reflection cracking strategies

This paper describes part of the work undertaken to complete Task 2 and includes a summary of
the project experimental design, accelerated pavement testing, laboratory testing, and preliminary
findings. Results of the other tasks are described in other reports and papers.

2 EXPERIMENTAL DESIGN

2.1 Test summary

The MB-Road study was divided into three phases (Jones, et al., 2007a):

• Phase 1 covered construction of a uniform test pavement, demarcating six uniform test sections,
trafficking these sections with a Heavy Vehicle Simulator (HVS) to induce fatigue cracking on
the asphalt concrete layer, then overlaying the test track with the following six overlays:
– Half-thickness (45 mm) MB4 gap-graded overlay;
– Full-thickness (90 mm) MB4 gap-graded overlay;
– Half-thickness (45 mm) MB4 gap-graded overlay with minimum 15 percent recycled tire

rubber, termed MB15-G in this paper;
– Half-thickness (45 mm) MAC15TR gap-graded overlay, termed MAC15-G in this paper;
– Half-thickness (45 mm) rubberized asphalt concrete gap-graded overlay (RAC-G), included

as a control for performance comparison purposes; and
– Full-thickness (90 mm) dense-graded asphalt concrete (DGAC) overlay, included as a con-

trol for performance comparison purposes. The binder used was AR-4000, approximately
equivalent to PG64-16.

• Phase 2 involved a total of 12 HVS tests, including six reflection cracking tests at moderate
temperature on sections positioned precisely over the cracked original six tests on the underlying
DGAC, and six rutting tests at high temperature on sections adjacent to the fatigue sections.

• Phase 3, run concurrently with the HVS tests, entailed a comprehensive laboratory investigation
to relate laboratory rutting and fatigue performance to performance under the HVS. Experiments
were conducted on samples removed from the road, on field-mix/laboratory-compacted (FMLC)
samples, and on laboratory-mixed/laboratory-compacted (LMLC) samples.

2.2 Section layout

The MB-Road experiment is shown in Figure 1.

2.3 Instrumentation

Instrumentation of the test sections consisted of the following:

• Multi-Depth Deflectometers (MDD): used to measure elastic vertical deflections and permanent
vertical deformations at various levels in the pavement structure, relative to a reference depth
located in the subgrade.
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Figure 1. MB-Road layout.

• Road Surface Deflectometer (RSD): used to measure elastic vertical deflections at the surface
of the pavement.

• Laser Profilometer and Straight Edge: used to measure the transverse profile of the pavement
surface to determine surface rutting.

• Thermocouples used to measure temperatures at various depths in the asphalt bound materials.
• Time Domain Reflectometer: used to monitor the changes in water content in the unbound layers

just outside the trafficked area during testing of the section.

The following testing was also undertaken:

• Digital Crack Imaging: used to measure surface cracking.
• Falling Weight Deflectometer (FWD): used to measure elastic vertical deflections at the surface

of the pavement before and after HVS testing and on areas not trafficked to monitor asphalt
aging and seasonal changes in unbound layer moduli.

• Dynamic Cone Penetrometer (DCP): used to measure the relative shear resistance of unbound
layers.

• Trenching: To determine final rut depths in each layer and assess final condition of the pavement
layers after completion of HVS trafficking.

3 PHASE 1: CONSTRUCTION, INITIAL HVS TRAFFICKING, AND OVERLAYS

The test road was designed following standard Caltrans procedures and incorporated a 410 mm
Class 2 aggregate base (recycled construction waste) on a clay subgrade with a 90 mm dense-
graded asphalt concrete (DGAC) surface. Design thickness was based on a subgrade R-value of 5
and a California Traffic Index of 7 (∼131,000 equivalent standard axle loads, or ESALs). The road
was constructed in 2001 by a commercial contractor (selected based on low-bid) using conventional
equipment.

Six sections on this structure were trafficked with the HVS between February 2002 and April
2003 to induce fatigue cracking. A total of approximately 3.3 million load repetitions – equating
to about 17.7 million equivalent standard axles (ESALs) using the Caltrans 4.2 exponent – were
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Figure 2. Fatigue cracking on one section after Phase 1 HVS testing.

applied to the six sections to induce a minimum of 2.5 m/m2 fatigue cracking on each section
(Jones, et al., 2007a). An example of the fatigue cracking measured on one of the sections is shown
in Figure 2. In June 2003, the road was overlaid with six different treatments. The thickness for the
control DGAC overlay was determined according to Caltrans Test Method 356. The other overlay
thicknesses were either the same or half of the DGAC overlay thickness.

4 PHASE 2: HVS RUTTING AND FATIGUE TESTING

The second phase of HVS tests consisted of two sub-phases. In the first, a rutting study on sections
adjacent to the fatigue sections was carried out to assess the susceptibility of the mixes to early
rutting at high pavement temperatures (50◦C at 50 mm pavement depth). In the second, a fatigue
study was carried out to assess the effectiveness of the overlays in limiting reflective cracking at
moderate temperatures (20◦C then 15◦C at 50 mm pavement depth). The fatigue sections were
precisely positioned on top of the sections already trafficked on the underlying pavement during
Phase 1 (see Figure 1).

4.1 Rutting study

The overlay rutting sections were trafficked with the HVS between September and December 2003.
During this period a total of about 80,000 60 kN channelized, unidirectional load repetitions with
a dual tire (720 kPa pressure) were applied across the sections, equating to approximately 455,000
ESALs. A temperature chamber was used to maintain the pavement temperature at 50◦C ± 4◦C at
50 mm depth. Measurements taken at regular intervals throughout the test included air and pave-
ment temperatures, in-depth elastic deflection, and surface and in-depth permanent deformation.
An average maximum rut of 12.5 mm was set as the failure criterion. Results of the test are sum-
marized in Table 1. Rankings are from best to worst. It should be noted that most of the rutting was
in the underlying DGAC layer and not in the overlay (Steven, et al., 2007).

4.2 Fatigue study

HVS trafficking of the overlay fatigue sections took place between January 2004 and June 2007.
During this period a total of approximately 12.5 million load repetitions at loads varying between
60 kN and 100 kN, depending on the stage in the test plan, were applied across the sections, which
equates to about 385 million ESALs. A temperature chamber was used to maintain the pavement
temperature on each section at 20◦C ± 4◦C for the first one million repetitions, then at 15◦C ± 4◦C
for the remainder of the test. A dual tire (720 kPa pressure) in a bidirectional loading pattern with
lateral wander was used for all experiments. Measurements taken at regular intervals throughout the
test included air and pavement temperatures, surface and in-depth elastic deflection, surface and
in-depth permanent deformation, and cracking. A crack density of 2.5 m/m2 was set as the failure
criteria. FWD measurements were taken before and after HVS testing. Figure 3 shows the outcome
of one of the fatigue experiments. Results of the test are summarized in Table 2. Rankings are from
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Table 1. Summary of HVS rutting study results.

Rank Section Repetitions to 12.5 mm rut

1 90 mm AR-4000 DGAC 8,266
2 45 mm MB4-G 3,043
3 45 mm RAC-G 2,324
4 90 mm MB4-G 1,522
5 45 mm MB15-G 914
6 45 mm MAC15-G 726

Table 2. Summary of HVS fatigue study results.

Rank Section ESALs to 2.5 m/m2 reflection cracking

1 45 mm MAC15-G No cracking after 91 million
2 45 mm MB15-G No cracking after 88 million
3 45 mm MB4-G No cracking after 66 million
4 90 mm MB4-G No cracking after 37 million
5 45 mm RAC-G 60 million
6 90 mm DGAC 16 million

Figure 3. Typical fatigue cracking on HVS test section (RAC-G section).

best to worst. It should be noted that no fatigue cracking was recorded on the MB4-G, MB15-G
and the MAC15-G sections. Ranking of these mixes is therefore based on the number of repetitions
actually applied and not on cracking performance (Jones, et al., 2007a). Figure 4 shows the cracking
patterns of the underlying DGAC and RAC-G overlay.

4.3 Forensic investigation

A forensic investigation was carried out after HVS testing. This included excavation and assessment
of 18 test pits, coring, density and moisture determination, Dynamic Cone Penetrometer (DCP)
measurements, and microscope studies of material sampled from the pits. Observations revealed
that most of the permanent deformation measured in the rutting study occurred in the underlying
DGAC (Figure 5). Studies of the asphalt layers, including fractured cores, showed that cracking in
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the DGAC and RAC-G overlays had mostly reflected from the underlying DGAC layer (Figure 6).
There was no observed cracking on the surface of the MB sections. There was some variation in
layer thicknesses over the length of the experiment. DCP measurements and scanning electron
microscope studies indicated that the stiffness of the recycled aggregate base varied somewhat
between sections due to some re-cementation of the recycled construction waste that occurred after
construction. The strongest part of the base was typically between 100 mm and 250 mm below the
asphalt concrete (Jones, et al., 2007b).

5 PHASE 3: LABORATORY STUDY

Laboratory fatigue and shear studies were conducted in parallel with Phase 2 HVS testing.

5.1 Laboratory fatigue

In the cracking study, flexural frequency sweeps (stiffness at different temperatures and period
of loading related to traffic speed and climate) and flexural beam tests were carried out to assess
cracking resistance of the overlay mixes. The experiment design was formulated to quantify the
effects of mix temperatures, air-void content, aging, mixing and compaction conditions, aggregate
gradation, and time of loading (load frequency). To test a full factorial considering all the variables,
a total of 1,440 tests would have been required. Because of time and fund constraints, a partial
factorial experiment was completed with 172 tests. Rolling wheel compaction was used to prepare
slab specimens of the various mixes, from which beams were cut for flexural fatigue testing and
stiffness (frequency sweep) determinations following the AASHTO 321 procedure (four point
bending). Fatigue tests were all conducted at 10 Hz and temperatures of 10◦C, 20◦C and 30◦C.
Stiffness measurements were conducted over the range of 15 Hz to 0.01 Hz and at temperatures
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of 10◦C, 20◦C, and 30◦C to define the effect of time-of-loading and temperature on this mix
characteristic. Results are described below (Tsai, et al., 2006).

– Summary of Binder Tests
• Based on Bending Beam Rheometer (BBR) test results conducted by FHWA, the ranking of

propensity to low temperature thermal cracking is listed below, from best to worst. The RAC
binder was not tested.
1. MB4 → 2. MB15 → 3. MAC15 → 4. AR4000.

• The order of thermal cracking potential was closely matched with the order of initial stiffness
in the fatigue beam tests and flexural frequency sweep results; hence a mix with a higher
initial stiffness might have a higher thermal cracking potential.

• The Dynamic Shear Rheometer (DSR) test results indicated that:
(a) According to the Superpave specification, the ranking of fatigue resistance capacity, from

best to worst, is in the order listed below, which is the same ranking obtained for initial
stiffness during laboratory mix fatigue tests.
1. MB4 → 2. MB15 → 3. MAC15 → 4. AR4000

(b) MB4 and MB15 binders have better rutting resistance capacities than AR4000 binder.
– Construction and Environment Effects

• The binder type had an overall effect on all the response variables including initial phase angle,
initial stiffness, and fatigue life. As expected, the temperature effect on all three response
variables was immediately apparent. The other effects assessed at 20◦C (for comparison with
HVS testing) revealed that:

(a) Air-void content had a significant effect for some parts of the experiment, such as the FMLC
mixes at 20◦C, but the effect was not significant for many of the mixes and test conditions
for all of the response variables (stiffness, fatigue life and shear resistance).

(b) The effect of long-term oven aging at 85◦C for 6 days (SHRP I procedure) was only
significant for initial phase angle and stiffness but not for fatigue life.

– Ranking of Initial Stiffness and Fatigue Performance
• The ranking of predicted initial stiffness (most to least stiff) and fatigue life (longest to shortest)

under various specimen preparation and testing conditions, and specifically for the controlled
strain mode of loading used in this experiment, was normally in the order listed below. For
initial stiffness, no apparent differences exist between MB15-G and MB4-G mixes, while for
fatigue life, no apparent differences exist between MAC15-G and MB15-G mixes.As expected,
the two orders are reverse mirror images of each other.

Initial stiffness Fatigue life

1 AR-4000-D 1 MB4-G
2 RAC-G 2 MAC15-G
3 MAC15-G 3 MB15-G
4 MB15-G 4 RAC-G
5 MB4-G 5 AR-4000-D

• Fatigue test results indicate that initial stiffness and fatigue life are moderately negative-
correlated (ρ = −0.604), confirming a general observation that lower stiffnesses equate to
higher fatigue life at a given tensile strain under controlled-strain testing when ranking fatigue
life performance against initial stiffness or vice versa. When using this observation, consid-
eration must also be given to rutting, as mixes with low stiffness are generally susceptible
to this distress. It must be emphasized that cracking performance can only be assessed from
simulation considering overlay thickness, stiffness, laboratory fatigue life, climate and traffic,
and not directly from these laboratory fatigue life test rankings.

• Preliminary analysis of stiffness versus strain repetition curves using three-stage Weibull
analysis indicated differences in crack initiation and propagation. The AR4000-D mix had
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Figure 7. Typical Weibull curves for Reflection Cracking Study mixes.

different behavior from that of the RAC-G mix, while the RAC-G mix performed differently
than the MB4-G, MB15-G, and MAC15-G mixes. The results indicate that damage may slow
during the propagation phase of the latter four mixes, while it accelerates for the AR4000-D
mix (Figure 7).

– Dense-Graded versus Gap-Graded Mixes
• The optimum binder contents used in the mix designs for the MAC15, MB15, and MB4

dense-graded mixes (6.0, 6.0, and 6.3 percent respectively) were lower than the optimum
binder contents used in the mix designs of the gap-graded mixes (7.4, 7.1, and 7.2 percent
respectively).

• Limited fatigue testing of modified binders in dense-graded mixes led to the following
observations:

(a) The initial stiffnesses of the dense-graded mixes were generally greater than those of the
corresponding gap-graded mixes but less than those of the AR4000-D and RAC-G mixes.
The beam fatigue life at a given tensile strain of the dense-graded mixes was generally less
than those of the corresponding gap-graded mixes, but greater than those of the AR4000-D
and RAC-G mixes.

(b) The mix ranking of the E* master curves, from most to least stiff, for laboratory mixed,
laboratory compacted specimens at 6 percent air-voids was:

1. AR4000-D → 2. MAC15-D → 3. RAC-G → 4. MB15-D → 5. MB4-D →
6. MAC15-G→7. MB15-G→8. MB4-G

(c) The mix ranking (longest to shortest) for the same conditions for beam fatigue life at
400 microstrain shows exactly the reverse trend from the above except that MAC15-D and
RAC-G change places:

1. MAC15-G → 2. MB4-G → 3. MB15-G → 4. MB4-D → 5. MB15-D →
6. MAC15-D→7. RAC-G→8. AR4000-D

– E* Master Curves of Mixes
• E* master curves from flexural frequency sweep tests showed mix stiffnesses for a wide range

of temperature and time of loading conditions. Initial stiffnesses determined from beam fatigue
tests were only for 10 Hz and the temperature at which the fatigue test was performed. Never-
theless, the mix ranking of E* master curves under various combinations of material properties
and testing conditions was generally in the order listed below (most to least stiff), and was
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comparable to the overall general ranking of beam fatigue performance in the controlled-strain
testing (longest to shortest life). The MB4 and MB15 mixes showed no significant difference
in E* master curves.

Initial stiffness Fatigue life

1 AR-4000-D 1 MB4G
2 RAC-G 2 MB15-G
3 MAC15-G 3 MAC15-G
4 MB15-G 4 RAC-G
5 MB4-G 5 AR-4000-D

• The ranking of E* master curves (most to least stiff) for dense-graded mixes considering the
effect of gradation is in the order below, with no significant difference between the MB4 and
MB15 mixes:

1. MAC15-D → 2. MB4-D → 3. MB15-D

5.2 Laboratory shear

In the shear study, stiffnesses and permanent deformation at high temperatures were used to evalu-
ate rutting resistance. Tests were carried out on field-mixed/field-compacted (FMFC), field-mixed/
laboratory-compacted (FMLC – rolling wheel compaction), and laboratory-mixed/laboratory
compacted (LMLC – rolling wheel compaction) specimens.

Laboratory results were statistically analyzed to identify the significant variables affecting stiff-
ness, fatigue and permanent shear deformation performance (Guada et al., 2006). The effects
of aggregate gradation, long-term aging, air-void content, mix temperature, and strain/stress
level were the focus of the study, with both field- and laboratory-prepared specimens com-
pared. Regression models were developed to portray the effects of the significant variables on
the performance-related properties. Test criteria for the shear study included Cycles to 5 Percent
Permanent Shear Strain, Permanent Shear Strain at 5,000 Cycles, and Resilient Shear Modulus
(G*). Detailed results are not provided in this paper. The ranking of performance, from best to
worst, based on an average of the results from all tests results (Permanent Shear Strain at 5,000
cycles and Cycles to 5 percent Permanent Shear Strain) is as follows:

1. AR4000-D → 2. MAC15-G → 3. RAC-G → 4. MB4-G → 5. MB15

Use of the MAC15, MB4 and MB15 binders with dense gradations increased shear test perfor-
mance and stiffness in the laboratory tests compared to gap-graded mixes with the same binders.

5.3 Simulation

Simulation models developed for Caltrans by the UCPRC were used to extrapolate HVS results to
identical test and in-service pavement conditions. Two approaches were used:

• A recursive mechanistic-empirical design model for rutting and reflection cracking included in
the CalME (California Mechanistic Empirical Design) software (Ullidtz et al., 2006). This was
used with laboratory shear, fatigue and frequency sweep tests results to simulate rutting and
fatigue cracking performance on the HVS sections and then in three California climate regions
(Desert, Valley, South Coast) at various traffic levels, with two truck traffic speeds (10 km/h and
70 km/h).

• A continuum damage mechanics model using finite element method calculation of strains for
simulation of reflection crack initiation and propagation. This was used with laboratory fatigue
characterization of the materials to simulate the HVS sections as tested, and then with iden-
tical underlying pavement structures and cracking patterns to eliminate differences in as-built
conditions and to extrapolate results to other conditions.

Detailed analysis and results are not discussed in this paper.
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6 CONCLUSIONS

A comprehensive laboratory and accelerated pavement testing experiment comparing gap-graded,
terminal blend modified binder mixes with gap-graded rubberized asphalt concrete and conven-
tional dense-graded asphalt concrete (using an equivalent PG64-16 binder) has recently been
completed in California. The results indicate that gap-graded mixes with MB4, MB4 with 15
percent recycled rubber, and MAC15TR with 15 percent recycled rubber binders will provide supe-
rior performance in terms of reflection cracking compared to the same half thickness of RAC-G
and full thickness of DGAC, when used in thin overlays on cracked asphalt pavements. With regard
to rutting performance, conventional dense-graded asphalt concrete was clearly superior to all other
mixes, followed by the RAC-G, and then the modified binder mixes. Most of the rutting in the
HVS test sections occurred in the DGAC layer below the overlays, and not in the overlay itself.

The following interim recommendations were made with regard to implementation, based on
the findings of this task of the study. More detailed recommendations will be made on completion
of the second-level analysis and simulations.

• MB4, MB4 with 15 percent rubber, and MAC15TR binders can be used in appropriately designed
half-thickness overlay mixes for reflection cracking applications where RAC-G would normally
be considered. There is potentially a greater risk of rutting compared to RAC-G if these mixes
are used under slow moving, heavy truck traffic in hot climates, hence they should not be used
in locations with these conditions until proven in pilot projects on in-service highways.

• Simulation models calibrated with the HVS results should be used to assess the performance of
other mixes or changes in binder specifications and to validate future mix and thickness design
changes.

• Long-term performance monitoring (rutting, cracking, forensic coring and assessment of the
interactions of underlying pavement and thin overlays) of in-service test sections should be
continued to relate long-term performance to the laboratory and HVS findings.
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ABSTRACT: In the domain of pavement reinforcement, one of the major problems is the frequent
incidence of reflective cracking over the top asphalt new layer. One experiment using anAccelerated
Pavement Testing (APT) facility has been done to evaluate this type of damage. The experiment
was performed on a full scale test track with three types of surface layers. Transversal joints were
established in the base layer and were charged with heavy traffic loads to promote reflective cracking
in the surface layer. Many sensors measuring deformations, temperature, vertical displacements and
crack evolution were used. The experimental data has been compared with numerical computation
results made with the CESAR-LCPC’s FEA software. This comparison had lead to a validation of
the calculation hypothesis and a better understanding of the reflective cracking failure mechanism.
The main perspective is to use those results to define a new laboratory test equipment to evaluate
reflective cracking on pavement bituminous complexes.

1 INTRODUCTION

1.1 Context

One of the main mechanism of deterioration in semi-rigid roadways and the repaired pavement
is bottom-top propagation cracking into the surface bituminous layers of the base layer’s cracks.
In both situations, semi-rigid and reinforced pavement, the cracking damage mechanism has the
same characteristics. A semi-rigid pavement structure has a base layer treated with hydraulic binders
covered with and asphalt concrete surface layer. This base layer is expected to crack. Cracks on
this kind of material are normal and they appear because of the thermal shrinkage. The reinforced
pavement has a bituminous overlay on top of a cracked pavement. The relationship established
between the bituminous layer and the cracked layer in both cases is then alike and leads into a
reflective cracking deterioration. In spite of the great number of roadways concerned, there is
no reliable method to predict the development of reflective cracking as a function of the traffic
and to determine the minimal thickness of the bituminous overlay necessary to reinforce a given
damaged pavement. There are few records of an operational test that can quantify the effectiveness
of bituminous surface layer complex in reflective crack cases. Furthermore, neither the French
Guide (SETRA-LCPC, 1994), nor American Guides (NCHRP1-37A 2005, NCHRP 9–19 2005)
specifically addresses tests on this matter (Zhou & Scullion 2005). Many authors agreed that there
is a lack of methods and simple and rapid tests equipments to characterize reflective cracking.

Some of the latest developments on this way are the Texas Transportation Institute Overlay
Tester of the Texas Department of Transportation (Zhou & Scullion 2005) and the Wheel Reflective
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Figure 1. New laboratory test based on the equipment MEFISTO.

Cracking of the Universidad Politéctnica de Madrid (Gallego & Prieto 2006). In both cases the test
can be classified as a behavior-related test but a behavior-based test is still needed.

The Laboratoire Central des Ponts et Chaussées (LCPC) is developing in France a new reflec-
tive cracking laboratory test based on the already existing test equipment called MEFISTO. The
dimensions of the tested samples are the same as in the precedent test (560 × 100 × 100 mm). The
final objectives are to predict reflective cracking and quantify life time service of different layer
complexes used as surface layer on semi-rigid new pavements or in reinforced cracked pavements.
This quantification of life time service depends on how realistic is the strain field reproduced on
the sample and how close it is to the one induced by the traffic loads in the roadways. Therefore the
MEFISTO test has been improved by modifying its configuration. From a displacement controlled
test it has been changed into a force controlled test by adding two vertical hydraulic jacks. Due
to this modification, in order to reproduce a realistic strain field on the sample, loading protocols
must be defined to simulate the passage of the wheel.

To define these protocols the LCPC has worked on two main aspects. On the one hand, the
simulation of strain fields leading to reflective cracking requires validated numerical tools related
to the phenomenon of multi-layer material cracking. On the other hand it also requires accurate
experimental data on the behavior and the damage of materials subjected to this phenomenon in a
heavy loaded roadway.

1.2 Objectives of the Accelerated Pavement Testing

The experience made with the LCPC’s linear APT facility (FABAC) was defined to study in a full
scale test track the behavior of three complexes subjected to the reflective cracking damage. The
collected data of the cracking propagation, the strains and the displacements are used to identify
the good assumptions and the choice of numerical values leading to a satisfactory simulation of
the reflective cracking in pavement, using the Finite Element Analysis (FEA).

The FEA numerical simulations are made with the software CESAR-LCPC (CESAR-LCPC
2001). The module used in this study is TACT – TACT stands for conTACT – which introduces
different boundary conditions at the interface between the two top layers of the pavement. In the
present work, after describing the APT experience, focus is made only on the results concerning
reflective cracking initiation and its relevance for the model validation.

A successful validation of the model will allow its use into further numerical calculations of
reflective cracking damages in other pavement structures. The next modeling steps are the evalu-
ation of reflective cracking into a real pavement geometry and then into a sample laboratory test
geometry. This final modeling will allow the definition of the loading protocols of the new labora-
tory equipment, reproducing a realistic strain field on the sample, leading into reflective cracking
damages.
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Figure 2. APT equipment used for reflective cracking test on full scale pavement structures at the LCPC.

2 EXPERIENCE WITH THE APT FACILITY

2.1 Equipment characteristics

The LCPC has two FABAC machines. They are small heavy traffic simulators built in 1995. Theirs
characteristics make them optimal for structural pavement researches. The main advantage of the
LCPC facility is the possibility to apply the equivalent of 10 to 20 years (according to the real
traffic intensity) of heavy loadings on a full scale pavement structure in less than two months.

The load applied by the twin wheel of this equipment is 65 kN, namely one half of the reference
load of 13 tons on one single axle. Each machine has 4 twin wheels which are carried by a chain to
apply the load in 2 meters of the test track (Fig. 2). Two experiences can be done at the same time
but the size of the machines imposes a particular disposition of the surface layers.

2.2 Test track configuration

The pavement structure was specially adapted for reflective cracking testing. There were 3 main
particular improvements implemented on the track for the present test. Those improvements concern
the pavement structure, the transversal cross section and the instrumentation.

2.2.1 The pavement structure
The test is performed on a 30 meters long track with eight discontinuities on the base layers. The
pavement base is composed of three layers. The one at the bottom is a sand concrete cemented
ribbon, over this one there is a granular asphalted layer and on top a concrete ribbon. This 2 meters
width concrete ribbon is composed of nine adjacent slabs. The eight joints between them pass
through all the base layer thickness simulating the crack in the pavement base layer. Their role is to
avoid transfer displacements as cracks in semi-rigid base layer or in an old damaged pavement do.

Three different overlays have been placed over the pre-existing concrete pavement, constructed
for a previous research (Pouteau 2004). The distribution of the different types of overlay over the
total length of the concrete ribbon was determined taking into account the fact that the two machines
had to run simultaneously on the two locations chosen for a given test, avoiding any obstruction
between them.

Four of the structures have a surface layer composed of 6 cm of standard bituminous layer without
any additional material ( joints J3, J4, J5 and J8). These structures are set as the reference ones
(referred to here as BBC). Two joints, J1 and J2, are covered with a composite layer made of 2 cm of
sand bituminous mixed layer and 4 cm of regular bituminous layer (referred to here as SB + BBC).
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Table 1. Characteristics of all the layer materials.

Young Modulus E (MPa)

Temperature
Poisson Ratio Thickness

Pavement layer 20◦C 10◦C 0◦C ν e (cm)

Bituminous layer 2000 8000 12,000 0.35 6
Concrete Slab 35,000 35,000 35,000 0.25 8
Granular bituminous layer 5000 10,000 17,000 0.35 10
Sand concrete cemented layer 2000 2000 2000 0.25 15
Soil 110 110 110 0.35 –

z

y

MG

x

y

6 
cm

Bituminous layer

12
 c

m

Concrete slab

84 cm

4 structures BBC(J3, J4, J5 and J8)

2 structures SB+BBC(J1 andJ2)

2 structures MG+BBC (J6 and J7)

2m

Figure 3. Position of the different surface layers on the tested track.

Finally the last two structures have 1 cm of a bituminous layer added with a Metallic Grid and 5 cm
of regular bituminous layer (referred to here as MG + BBC).

The characteristics of all the materials were determined with classical laboratory tests made in
the LCPC. The summary of the characteristics used on the FEA numerical simulations are shown
in Table 1: the Young modulus in MPa (E), the Poisson ratio (ν) and the layer thickness in cm. The
Young modulus of these materials was determined with the complex modulus laboratory test which
defines theYoung Modulus as a function of the temperature and the frequency of loadings. The first
modulus value shown in the table 1 is the modulus of the bituminous layer for 20◦C and 0.5 Hz.
This frequency is defined by the velocity of passage of the wheels (1 m/s) and the longitude of the
tested surface (2 m). To extrapolate calculations to real weather conditions, theYoung modulus was
also used in 10◦ and 0◦C simulations (also shown in table 1).

2.2.2 The transversal cross section
Before setting the instrumentation, one improvement has been made to the track concerning its
geometry. The best way to get information of the propagation of the crack under the loading
application zone is the observation of the lateral faces of the track.

In order to obtain reliable data of the reflective cracking the track’s width was reduced. The
precise length over the twin wheel width was defined as the double of the thickness of the layer
(Fig. 3). This reduction was optimized not only to facilitate the observation of the crack propagation,
but also to avoid any creep of the material.
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Figure 4. Instrumentation placed on each tested joint.

2.2.3 The instrumentation of the test track
The main objective of the APT is to obtain accurate data to understand the structure behavior under
rolling load making a parametrical study and validate the model in FEA numerical simulations.
To ensure the correct and detailed acquisition of data associated to stress fields, vertical displace-
ments, cracking propagation and thermal conditions, a large amount of sensors has been placed in
the bituminous overlay. Four main types of sensors have been placed on the test track: strain gages
for the transversal and longitudinal strains in the surface layer, LVDT for vertical displacement
of the surface bituminous layer and the concrete slabs, lateral cracking evolution sensors for the
propagation of the crack in the surface layer and thermocouples for the temperature inside and
outside the pavement layers. The figure 4 shows the position of these sensors on each joint.

The strain gages at top of the surface layer are placed between the twin wheels without any
cover material. The ones at the bottom of the surface layer are the so called H-shaped sensors
consisting of horizontal stain gages protected by a resin coating. Two aluminum bars are attached
to the extremity of the gage in order to ensure that the sensor is properly anchored to the material
in which it is embedded. The LVDT sensors for measuring vertical displacement are fixed on a
metallic beam. The cracking sensors consist of a horizontal net of silver paint made on the lateral
face of the surface bituminous layer to detect the crack propagation. The acquisitions of those three
types of measurement were realized two times per day during 40 loading cycles. The measurement
of the temperature was made each 15 minutes.

2.3 Test procedure and reflective cracking with APT facility

Three series of tests have been performed until now. The principal restrictions to carry out the APT
experiences are high temperatures. To avoid rutting and creep of the bituminous material, to be
representative of the whole thermal condition over the total life duration of the real pavement, and
also because high temperature considerably reduces reflective cracking, the tests have to be made
in the cold periods of the year.

Schedule and final number of passages for the different experiences were different for each one
of the series of tests:

– The joints no 3 and no 7 were tested between March and April 2005. The experience was stopped
after 600,000 loading.
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Figure 5. Example of collected data of the bonding properties of the interface ( joint no 5).

– The joints no 2 and no 6 were tested between end September and beginning of November 2005.
The experience was stopped after 1,000,000 loading.

– The joints no 1 and no 5 were tested between January and February 2006 and between May
and June. The last part of the third series was made at nightly to avoid high temperatures. A
breakdown of an APT machine had stopped the experience for two months. The experience was
stopped after 1,000,000 loading.

After each test, bonding properties between surface layer and concrete slab were studied near
the joint by sawing and extracting the entire tested bituminous surface layer in small samples. For
each sample the bonding condition was qualitatively defined as debonded, intermediate bonded or
well bonded. From the observed interface and the collected samples, it is possible to conclude that
three general bonding conditions were present:

– In some joints the contact between base layers and the surface layer presents large debonded
zones. All strain gages related to the joint are in the debonded zone or at least in a transitional
debonded zone. The joints concerned by this kind of debonding conditions are J3, J6 and J7.
The two MG structures belong to this description. Those structures have been reinforced with
a metal grid but they both cracked as fast as one of the baseline structures. Bonding interface
properties had proved bigger influence on reflective cracks development than reinforcement of
the layer.

– In one of the structures (J5 baseline structure) the debonded zone existed in a relatively short
distance near to the joint. Half of the strain gages placed near to the joint were in a debonded
zone and the other half in a well bonded zone or in a intermediate bonded zone (Fig. 5). Because
of the big temperature variations during the third test series, the comparison between baselines
structures J3 and J5 cannot be made without further analysis.

– One joint presented better bond conditions. Only very near to the Joint no 1 the interface had
intermediate or bad bonding properties but the rest of the interface presented good bonding
properties. The sand bituminous structure is already used as a reflective cracking retarding.
This type of layer has a high thermal susceptibility and sometimes it can present other type of
damages like creeping or rutting. After one millions of cycles the Joint no 1 didn’t present any
crack.

The expected reflective cracking in thin asphalt overlay over existing Portland cement concrete
is a double reflective cracking (Zhou & Sun 2002, Zhou & Scullion 2005). This cracking occurs
only at joints with significant vertical movement, like in the cases of the joints no 3, no 6 and no 7.
The magnitudes of verticals movements are also related to the bonding interface characteristics.
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Table 2. Summary of the characteristics of the tested joints.

Visual observation of
Average Reflective cracking

Series Joint Type of structure Temperature (Cycle number)

1 J3 Bituminous baseline structure 12◦C 450,000
(BBC)

J7 Metallic Grid (MG) 450,000
2 J2 Sand bituminous mixed layer 16◦C Creep

(SB + BBC)
J6 Metallic Grid (MG) 450,000

3 J1 Sand bituminous mixed layer 7◦C and 21◦C No crack
(SB + BBC)

J5 Bituminous baseline structure 500,000
(BBC)

As in joint no 5, a better bonded surface layer reduced them and the structure presented only one
reflective crack. The double reflective cracking can be appreciated in Figure 6.

The Table 2 shows a summary of some of the results of the different tests. The temperature of the
bituminous layer is calculated as the average of the temperature given by the two thermocouples
in this layer. The average temperature shown in the table was calculated as the average of the
temperature in the bituminous layer during the whole experiment.

3 NUMERICAL FINITE ELEMENT ANALYSIS OF THE APT EXPERIENCE

3.1 CESAR FEA and its TACT module for contact calculations

CESAR-LCPC is a finite element software, developed at the LCPC since 1981 (CESAR LCPC
2001), particularly adapted to the resolution of Civil Engineer problems (soil mechanics, structures
calculations, etc). This program is composed of modules of data management and modules of
execution. The module which is used here to solve contact calculation between two elastic layers
is the module TACT.

The standard mesh for 3D calculations of CESAR-LCPC’s finite elements code is made up
mainly with parallepipedic isoparametric elements with 20 nodes. Those elements easily support
automatic generation of volumes and definition of uniform multi-layer solids. The final 3D mesh
made with this kind of elements also allows the use of flat contact element with 16 nodes. These
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elements were used to simulate the interface behavior. The module TACT is based on the method of
penalization, which was particularly developed in CESAR software for contact element approach.
The method of penalization introduces a very specific and variable rigidity matrix at the level of
the interface. The reason of its variability is because the matrix depends on the state of the interface
on each iteration (Salasca 1998).

3.2 Numerical simulation parameters and series of calculations

3.2.1 Load characteristics
A static vertical load is placed on the surface elements to calculate the strain and stress fields caused
by the wheel on a particular position. To simulate the passage of the wheel, the load is placed on 9
different positions. The wheel shape is associated to a rectangle of 0.3 m × 0.2 m and the uniform
pressure is 0.541 MN/m2.

3.2.2 Bonded and debonded zones for calculations
In the APT experiences it was found that the bonding interface properties between the surface
layer and the concrete slab ribbon were particularly determinant in the reflective cracking. For
the numerical simulations with CESAR software this parameter can be taken into account using
the TACT module. This module permits to introduce double bar elements which can simulate two
main bonding conditions. In the perfect bonded condition the continuity of the whole stress field is
assured. In the perfect debonded condition the elements introduced assure the normal and tangential
displacements and two tests are made: the first one to avoid interpenetration of the materials and
the second to verify the normal stress value (which must be superior or equal to 0).

To define bonded and debonded zones the interface was divided in 6 zones on each side of the
joint. The contact elements placed in these zones allow setting bonding interface properties in a
chosen distance on each side of the joint. Calculations were made with the whole bonded interface
and with different debonded distances from the joint: 0.05 m, 0.25 m, 0.45 m, 1.75 m. Combinations
of symmetrical and non symmetrical debonded areas were calculated using these distances.

3.2.3 Number of load positions for calculations
To simulate the passage of the wheel over the joint, 9 positions of the load were define for sym-
metrical debonded calculations and 17 positions were defined for non symmetrical calculations.
Some of the load positions correspond also to a captor position.

3.2.4 Materials and mesh characteristics
For each position of the load one mesh must be established. In order to optimize the software capacity
only the pavement under the load and near the joint had a very dense mesh. To simplify calculations
only one half of the track was considered in the modeling by using the existing symmetry to the
xz plane. This means that only one wheel of FABAC’s twin wheel was modeled. To take into
account the effect of the other adjacent discontinuities, 3 concrete slabs were set in the calculation
meshes. The discontinuities were set geometrically by defining a void at the position of the joint.
The properties of the materials are the ones defined before in table 1. Three different calculations
changing theYoung Modulus for temperatures of 0◦C, 10◦ C and 20◦ C were made for each position
of the load for each combination of debonded zone.

3.2.5 Summary of the combination made of calculations
Each data acquisition taken during the test has a specific temperature and bonded area, so a
vast number of calculations should be made. These parameters were then combined to guarantee a
complete analyze of the accelerated pavement test. At least four symmetrical debonded calculations
were made for three temperatures (243 FEM individual calculations) and two non symmetrical
debonded calculations for the same three temperatures (102 FEM calculations).
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Figure 7. CESAR calculations for 2 positions of the load compared to punctual values obtained with the
strain gages at 75 and 5 cm before the joint. Temperature of the acquisition: 17.5◦C.

Figure 8. Comparison between an APT strain gage acquisition data placed 75 cm and 5 cm before the joint
for one passage of the load (Temperature 17.5◦C) and CESAR results for 10◦C and 20◦C.

3.3 Validations results

The number of measures realized for each test was about 100 data acquisitions. In each data
acquisition, 20 passages of Fabac wheels were stored for the 31 captors placed in the test track
(strain gages, LVDTs, thermocouples, cracking sensors).

The thermocouples information will be always implicitly linked to the other captor’s data. In the
initial phase, before cracking reflection, the vertical displacement data is used only to pre-calibrate
the model.

To study the initial strain/stress conditions leading to the reflective crack initiation the strain
gages measurements at the bottom of the surface layer were used. These captors were able to record
small changes and their behavior can be associated to the bond interface evolution properties.

First calculations were compared to single position response of the captor on the track (Fig. 7).
The strain values of the joints presenting debonded interfaces during the test were coherent with
the CESAR’s calculations debonded case.

In figure 7, results present the existing static strain field in the entire section for a position of
the load on each case. The CESAR curves represent limit control values of the calculations since
one of the curves is issued from the 0◦C calculation and the other one from the 20◦C calculation.
For this particular measure of the strain in the test track, the temperature was 17.5◦C. The strain
gages placed on the bottom of the surface layer were placed at 75 cm and 5 cm after the joint.
As it is shown in the figure 7 strain gages data results are mostly placed in between the two limits
established by the FEA calculations.

The next step to completely define the initial strain field on the test track is to make, for the whole
passage of the load, FEA calculations and confront them to the whole captor’s response. An example
of this comparison is shown in figure 8. In this figure the curve represents the response of the strain
gage placed 75 cm before the joint as the wheel passes over the slabs and the joint no 2 and no 6.
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Figure 9. Comparison between an APT strain gage acquisition data placed 75 cm and 5 cm before the joint
for one passage of the load (temperature 11◦C) and CESAR calculations results for 10◦C.

Figure 10. Comparison between an APT deflection acquisition data placed 55 cm and 5 cm before the joint
for one passage of the load (temperature 11◦C) and CESAR calculations results for 10◦C and 20◦C.

The temperature of APT Joint no 2 and no 6 data is 17.5◦C and the calculations temperatures are
10◦C and 20◦C. The test results are correctly placed between 10◦C and 20◦C validating calculation
hypothesis concerning the bonding properties of the layers and the material properties.

For all the initial strain fields in all the tested joints the same exercise was done and the same
good correlation between observed bonding conditions and bonding calculation hypothesis were
obtained.

As an example, Figures 9 and 10 show the case of a partially debonded joint (§2.3 and Fig. 5).
In this case, bad bonding properties were observed only very near of the joint. Here the temperature
test was 11◦C. In this case, the measured data fits very well with the 10◦ C CESAR calculation for
a partially debonded condition of the interface (only 45 cm debonded interface on both sides of the
joint). All the other strain gages under the twin wheel present similar good correlations between
experience and calculation when bonding properties are correctly defined.

4 CONCLUSIONS AND PROSPECTS

The large amount of precise and accurate experimental data has demonstrated the utility of theAccel-
erated Pavement Testing in the reflective cracking simulations. There is no record of an APT reflec-
tive cracking test using neither the kind nor the amount of instrumentation used for the present test.

For the first time it was possible to record and to visualize cinematically, in a full scale pavement
structure, the reflective cracking propagation, using very simple instrumentation by optimizing
its position on the pavement structure. The advantage to be able to put the instrumentation very
close to the loaded road is an advantage only given by the APT facility and it wouldn’t be probably
possible in a real pavement. Also, concerning the acquisition of strain data, the test presents some
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new punctual data values of the strain field occurring on a full scale pavement. With this data the
initial strain and stress field could be deduced.

Conclusions of the impact of bonding interface properties in the reflective cracking evolution
were then confirmed using the FEM code of calculation CESAR and its contact module (TACT)
simulating the structure test pavement including the bonding interface properties.

The calculations results match particularly well to the strain data obtained from the test. Further
more, theoretical types of cracking evolutions depending on bonding interface conditions were
also confirmed by crossing experimental failure data (test recorded data and failure observation
conclusions) and strain field calculation data. Namely when single or double reflective cracking
occurs, the specific causes are detected and their relationship is coherent in the experiment and the
numerical simulations.

Finally, since the FEA software is validated for the reflective cracking Accelerated Pavement
Test, further simulations have been made to reproduce on the MEFISTO sample, the results from
this APT reflective cracking experience. The next step is to optimize the position of the vertical
hydraulic jacks and the magnitude of the forces that must be applied on the laboratory test sample
to simulate the loading leading to reflective cracking.
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ABSTRACT: The influence of the coefficient of thermal expansion (CTE) on cracking of jointed
concrete pavements is investigated in this study, based on crack survey data and laboratory eval-
uation of samples from approximately one hundred sections of in-service highway pavements
throughout the state of California. The CTE values found in the experiment ranges from 4.8 to
6.7 microstrain/◦F. The reason for the experiment resides in the lack of empirical information that
confirms the effect of CTE on cracking. Adequate account of this factor is necessary for calibration
and refinements of mechanistic-empirical pavement performance models. The sections’ cracking
data was obtained from the Caltrans pavement management database, and consisted of first stage
cracking, third stage cracking, and corner cracking. Condition data for sections up to 46 years old
was included. Taking into account the slabs on all traffic lanes of all sections and the time histo-
ries of cracking data, the number of cases investigated in the study exceeded 3,400. It was found
that CTE does affect crack development on jointed concrete pavements. Despite the difficulties
of subjective cracking data, the pavements with CTE higher than 5.7 microstrain/◦F showed more
cracking that those with CTE lower than this value.

1 INTRODUCTION

The coefficient of thermal expansion (CTE) is an important parameter that might affect the ser-
vice life of concrete pavements. In Jointed Plain Concrete Pavements (JPCP), the CTE controls
joint opening, which affects load transfer through joints and cracks. It also affects joint sealant
performance, development of spalling, and even controls the potential for catastrophic failures
such as blow ups. The extent of longitudinal, transverse, and corner cracking associated with ther-
mal curling on jointed concrete pavements is believed to depend on the CTE of the concrete. For
continuously reinforced pavements the CTE has a strong effect on crack spacing and crack width,
which in turn also control pavement performance. Because of increased awareness of this param-
eter, the California Department of Transportation (Caltrans), through the University of California
Pavement Research Center (UCPRC) began CTE testing of concrete pavements throughout the
state in 2005. This paper provides details on the testing procedures used in the study to gather CTE
and cracking information, followed by an analysis of the effect of CTE on cracking of JPCP. Since
CTE is not the only parameter affecting the cracking levels of a given pavement, other studies are
being conducted to try to take into account all the major variables that affect the service life of a
pavement structure. The focus of this article is the effect of CTE in JPCP cracking, and therefore
all other factors are assumed to be influencing the formation and progression of crack in similar
ways on all the pavement sections included in the study, regardless of the CTE values of such
sections.
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2 PAST STUDIES ON CTE AND CONCRETE PAVEMENTS

Although theoretically correct, there is no tangible evidence that the CTE really affects the level of
cracking in concrete pavements. The Federal Highway Administration (FHWA) developed a test
method and has been testing CTE on a great number of concrete pavement cores from sections in
the Long-Term Pavement Performance (LTPP) program. The results from about 670 tests indicate
that CTE ranges between 5.0 and 7.0 microstrain/◦F (Mallela et al. 2005). The average CTE of the
entire data set was 5.7 microstrain/◦F. The motivation for the FHWA’s study resides in validating
data for the Mechanistic-Empirical Pavement Design Guide (NCHRP 2004). TheTexas Department
of Transportation has also been testing CTE (Won 2005) mostly to evaluate concretes made with
aggregates from different sources in the state of Texas. Sensitivity analyses using the models of the
Mechanistic-Empirical Pavement Design Guide have indicated that transverse crack predictions
are highly dependent on the assumed CTE value (Kannekanti & Harvey 2002, Mallela et al. 2005,
Tanesi et al. 2006).

The Texas study reported a large variance in CTE values with concretes made with river gravels,
as opposed to crushed limestone aggregates. The research also evaluated CTE values of early age
concrete, and confirmed previous results (Alungbe et al. 1992) in that the CTE does not change
with age and that specimen size has a negligible effect on CTE (Won 2005). The other motiva-
tion of the Texas study was to improve reinforcement design and construction specifications to
extend continuously reinforced concrete pavement (CRCP) service life. Analysis done in Minnesota
from an instrumented pavement section at MnRoad concluded that in-situ CTE values are similar
to those obtained in a laboratory (Burnham 2001), which agrees with results from Texas and
Illinois.

3 METHODOLOGY

3.1 Coefficient of thermal expansion of California pavements

A total of one hundred and four concrete pavement sections were selected for this study, and drilled
cores were subjected to CTE testing at the UCPRC laboratory in Davis. The test equipment for the
method developed by FHWA was not yet commercially available at the beginning of this study,
and therefore hardware components were assembled based on FHWA and TXDOT setups, and a
computer application was written to automatically run the experiments. The CTE testing procedure
followed in this study is based on amendments proposed by Won (2005) to the AASHTO temporary
protocol known as TP60, adopted from the development at FHWA. The main features of the CTE
testing as performed for this study are summarized as follows.

The cores from the field are cut in order to have flat and parallel surfaces at top and bottom of
the cylinders. The specimens are approximately 100 mm (4-in) in diameter, with the length varying
anywhere between 170 and 200 mm. They are submerged in limewater for at least 5 days, for
conditioning before the testing. The exact length of the specimen is measured, and the cylinder is
placed in a testing frame and submerged in a water tank. A LinearVariable DisplacementTransducer
(LVDT) attached to the frame measures the change in length of the specimen. The frame consists
of vertical members made of Invar and horizontal members made of stainless steel.

Figure 1 shows the LVDT, frame, water tank and a concrete pavement specimen during the
process to determine the CTE. A computer controls the test and automatically varies the water
temperature in order to subject the specimen to a thermal change from 10◦C to 50◦C, and back to
10◦C. The system collects temperature and displacement data at 60-seconds intervals. The thermal
cycling is automatically repeated three times to obtain more stable readings (Kohler 2007). As
explained, each cycle consists of a rising temperature ramp (heating) and a falling temperature
ramp (cooling). Each cycle spans 6 hours with the entire test taking 18 hours.

Figure 2 presents a summary of the results of CTE for the approximately 100 sections of the
study. The CTE values found in the experiment range from 4.8 to 6.7 microstrain/◦F (8.6 to 12.0
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Figure 1. Concrete specimen during test, showing frame, LVDT, and water tank.
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Figure 2. Histogram of CTE for all the sections in the study.

microstrain/◦C). The CTE of each section was generally determined from the CTE results of two
cores, although in some cases up to four cores from a given section were tested. A total of 185
cores were tested.

3.2 Pavement condition information

The California Department of Transportation was one of the first few states in the nation to adopt
a Pavement Management System (PMS) in 1979 (Finn 1998). The purpose behind developing
Caltrans’ PMS was to “monitor deteriorating pavement, to disseminate repair strategy information,
to substantiate cost-effective rehabilitation strategies, and to be used as a basis for managing existing
pavements in the State highway system” (Bartell and Kampe 1978).

Caltrans has been conducting almost every year an inventory of the surface condition of the
entire state highway network. Jointed concrete pavements are surveyed by counting each slab that
exhibits triggering levels of distresses. Slab cracking is reported as a percentage based on the
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number of cracked slabs over the surveyed distance. Three types of cracking levels are included in
the data collected by Caltrans, and examples are shown in Figure 1:

– First Stage Cracks (FSC) are transverse, longitudinal, or diagonal cracks that do not intersect,
which divide the slab into two or more large pieces.

– Third Stage Cracks (TSC) are interconnected cracks that divide the slab into three or more
large pieces. Fragmented slabs are characterized by interconnected irregular multiple cracks
and breaks. First stage cracking and third stage cracking cannot co-exist in the same slab.

– Corner Cracks (CC) are diagonal cracks that meet both a longitudinal and transverse joint within
six feet, and over two feet, at the same slab corner. A slab can have as many as four corner cracks.
For rating purposes, regardless of the amount of corner cracks in a slab, only one count is logged.
Corner Cracks may co-exist with 1st and 3rd Stage Cracking.

The survey results are the percentage of slabs in a given section displaying FSC, TSC, and CC.
The length of the sample location ranges from 0.1 to 1.5 miles for a given homogenous section. For
this study the surface roughness data was also sought, in addition to the cracking levels, because
the effect of CTE on cracking should reflect through the measurement of ride quality. However,
the low level of reliability was found to be associated with this data.

Approximately half of the sections of the study had been overlaid with asphalt pavements, but
were anyway selected in order to obtain an experimental factorial that covered the major climate
regions in the state, plus typical ranges of highway traffic levels, support conditions, and other
parameters to allow for a balanced set of sections. In addition to satisfy factorial requirements, the
overlaid sections exhibited high levels of cracking, which was useful for this investigation.

The structural design of concrete pavements in California has changed over time, which makes
the pavements from older sections somehow different from the slabs in newer sections. Changes
in the joint spacing, allowable thicknesses, and/or base layer material occurred in 1964, 1967, and
1983 (Harvey et al. 2000). The types of material that constitutes the layer under the slabs varies
from cement treated bases, some asphalt permeable treated bases, unbound granular bases, and a
few sections that had 50 mm asphalt between PCC and cement treated base. Detailed information
for every section of the study is not included in this article, but it was obtained and is being used
in other studies. This includes complete pavement structure (materials and thicknesses), geometry,
location (climate), traffic from weight in motion. Even on a few sections, where the field work
occurred during day time lane closures, the sunlight absorptivity on the concrete pavement surface
was measured using an albedo meter.

3.3 Data processing

A database was organized for the sections of this study according to yearly information of pavement
condition. Records of pavement condition were available for years 1978 to 2004. Using year of
construction and year of condition survey, a table of distresses versus pavement age was generated,
including every lane of each section. A total of over 3,400 records were generated given that up to
26 years of data were in some cases available for the 104 sections of the study, and all the concrete
pavement lanes were included for every section.

Analysis of condition survey data revealed that the cracking levels not always followed the
expected trends. Figure 3 presents examples of pavement cracking from two sections. The figure
includes FSC, TSC and CC. Examples with high levels of cracking were selected, but some of the
sections not shown have remained for long time with very low cracking.

Rehabilitation by slab replacements explains some cases in which a transient decrease in per-
cent of cracked slabs is observed. Also, as the pavement condition deteriorates, individual cracks
become interconnected cracks, thus FSC become TSC. It should be noted that condition surveys
are subjective, and there might be a large degree of variability associated with ratings of the per-
cent of slabs with any type of cracks (measurement error). To get past the problem of unexplained
oscillations in the amount of cracking, the years of condition surveys were arranged in groups.
Separate data subsets were created for target ages in increments of 5 years. Each subset consisted
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Figure 3. Examples of FSC, TSC, and CC.

not only of the target age, but also +/−2 years, i.e. records from 8 to 12 years were combined into
the 10-year old subset.

The fact that some of the sections were overlaid with asphalt was not an issue as historical
cracking data was available and actual CTE values could be obtained from the concrete pavement
part (bottom) of the cores. One problem encountered with composite pavements in this investigation
was the fact that during construction the concrete slabs were “crack and seated” to prevent later
reflection of joints and cracks. The concrete core samples obtained from this type of sections were
in some cases cracked. The presence of cracks altered the results of the CTE tests, and it was not
possible to obtain CTE results for those sections where all the cores were cracked. CTE values
could actually be measured for 87 of the 104 sections. The CTE for the remaining sections was
assumed to be equal to the average of nearby sections (less than 1 mile apart). Since cores were
obtained only from the outer lane in all the sections, there could be an inconsistency when the same
CTE was assumed for all the lanes. This is because there are cases in which one or two inside lanes
were built years earlier that the outer lane. Although the concrete in older and newer lanes is most
certainly different, there is a good chance that the aggregates used in the production of the concrete
came from the same or similar source, which is determined from proximity to the pavement section
and concrete plant.

4 RESULTS AND ANALYSIS

Information was organized according to the pavement age at the time of each condition survey,
given that this factor is critical on the progression of all types of cracks (FSC, TSC, and CC). As
expected, almost no cracking was reported on pavement with ages below 5 years. FSC in general
starts developing when the pavement is around 3 years old and progresses steadily until about
20 years. After about 15 to 20 years, some of the FSC have turned into TSC as they become
interconnected cracks. If no new FSC are developing, the percentage of slabs with FSC should
drop and TSC should increase. With regard to CC, the data indicates that very few slabs develop
CC before 15 years. It must be kept in mind that the sections, and the number of them, are not the
same for every age group analyzed. It should also be noted that the number of records (data points)
is not the same across the range of CTE values, but they come from a set of sections with the CTE
distribution shown in Figure 1.

Figure 4 presents the results of cracking levels versus CTE for pavements that are 15, 25, and
35 years old. The charts on the left side show FSC added to TSC, while the charts on the right side
show CC. The vertical axis is the percentage of cracked slabs. The figure shows that higher levels of
cracking are observed from sections with higher CTE. For CC at 25 year the plot shows clearly an
increase of cracking with CTE. The cracking goes beyond 10 percent when CTE is greater than 6.25
microstrains/◦F, while at the same time the cracking levels are very minimal for CTE lower than
approximately 5.90 microstrain/◦F. For the case of FSC combined with TSC, the same trend seems
to hold, especially for the data at 15 and 25 years. Slab replacement and reconstruction probably
explains the fact that the most cracked sections disappear from the database as time progresses.
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Figure 4. Examples of crack progression in (a) a four-lane highway that still has a concrete surface, and
(b) a two-lane highway overlaid in 1988.

The analysis in the preceding paragraph would be more robust if the distribution of sections over
the range of CTE was uniform, i.e. if approximately the same number of sections was available
for each CTE level. To overcome this limitation the following procedure was used. First all the
cracking below 1 percent was removed so as to keep only sections that show some cracking. The
number of data points on each side of an arbitrary limit of CTE was then computed. The last step
consisted on calculating the ratio of cracked slabs as indicated in Equation 1

The 10 percent limit was used for FSC and TSC. A 5 percent limit was used for CC. In both cases κ

represents what could be called the proportion of severely cracked sections with respect to the total
number of sections. This ratio was computed using two chosen CTE values to separate the data into
two groups, low and high CTE. The selected CTE limit values were 5.7 and 6.0 microstrains/◦F,
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Figure 5. Percentage of slabs cracked versus CTE for concrete pavements at 15, 25, and 35 years of age.

which come from simple visual assessments of all the charts of the type shown in Figure 4. Figure 5
shows the comparison of cracking trends for pavements with low and high CTE. Linear trends are
included in the charts, in addition to highly scattered points. It must be noted that the regression
lines were forced to pass at the origin (zero crack at zero years). It can be seen from the figures
that when the limit between low and high CTE is 5.7 the cracking trends in the two groups are
drastically different. For all types of cracks, the group with high CTE develops more cracks over
time than the group with low CTE. When the limit between high and low CTE is 6.0 instead of 5.7
the results show only a minor difference.

5 SUMMARY AND CONCLUSIONS

This paper presented the analysis of cracking on jointed concrete pavements against the coefficient
of thermal expansion (CTE).The CTE from more than 100 pavement sections was measured using a
modified version of the AASHTO TP-60 method. Cracking data obtained from Caltrans’ pavement
management system was used, and the percentage of cracked slabs for each section, and each
traffic lane, over the entire life of the pavement, was studied. The analysis of the effect of the
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Figure 6. Comparison of ratio of cracked slabs for cases for pavements with high and low CTE (arbitrary
limits at CTE = 5.7 and alternatively at CTE = 6.0).

CTE on cracking on concrete pavement revealed that in fact greater CTE is associated with the
most cracked slabs. Due to imbalances in the number of sections for low and high CTE values, a
ratio of severely cracked sections over the total number of cracked sections was used. This analysis
illustrated that for CTE greater than 5.7 microstrains/◦F the cracking is considerable larger than
otherwise.

The results presented in this work strongly suggest that longer lasting concrete pavements can be
expected in the future if low CTE is specified. Cost restrictions will probable continue to control
the selection of aggregates and therefore the CTE of the concrete, but CTE should be considered
by highway agencies and designers as one simple factor that could reduce cracking over the life of
jointed concrete pavements.
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pavements
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ABSTRACT: Satisfactory performance of the transverse joints is crucial for achieving the
intended service life of jointed plain concrete pavement. An accurate prediction of joint open-
ing and movement is desired in order to quantify the effects of the environment, base type, concrete
material constituents, and slab geometry on the concrete pavement responses. In this paper, an
analytical model based on elasticity theory is presented to predict joint opening using a bilinear
slab-subbase interfacial constraint assumption. The proposed model predicts the mean joint opening
based on uniform temperature change and drying shrinkage through the slab thickness. To account
for the temperature curling effect, a “correction” term to the joint opening is proposed using a
closed-form solution derived from Westergaard’s temperature curling deflection equation. Initial
model calculation using in-situ measured pavement temperature profile suggests that proposed
analytical model generates reasonable joint opening during the monitoring period.

1 INTRODUCTION

Performance of the transverse joints is crucial for achieving the intended service life of jointed plain
concrete pavement (JPCP). Research results show that most failures in JPCP are caused by failures
at the joint rather than inadequate structural bearing capacity (Federal Highway Administration
1990). An accurate prediction of joint opening and movement is necessary in order to assess
the effects of the environment, base type, concrete material constituents, and slab geometry on
the concrete pavement response. In this study, the primary motivation was to develop a time-
dependent, analytical model to predict joint opening and movement that accounts for climatic
effects on “young” JPCP.Another motivation is to seek potential refinement of current joint opening
prediction algorithm used in AASHTO pavement design guide (AASHTO 1993).

Advancement on a joint opening prediction algorithm will benefit the design of dowelled and
non-dowelled JPCPs. For example, the use of dowels is not necessary in lower traffic volume
facilities if the joint opening can be kept to a minimum. On airports, it is more common for all
contraction joints to be dowelled whereas non-dowelled joints could be used if more consideration
was given in designing the maximum joint opening. Furthermore, most transverse joints need
sealing in order to minimize the ingress of water and incompressible materials into the joint and
pavement structure, which reduces the moisture-related distresses such as pumping and faulting and
pressure-related distresses such as spalling and blowups (Federal Highway Administration 1990).
One important criterion in selecting and installing appropriate joint sealant is the maximum joint
opening over the entire pavement service life (Biel & Lee 1997, Huang 2004). Currently, the joint
opening is approximated using Equation 1 fromAASHTO pavement design guide (AASHTO 1993)

where �L = joint opening due to temperature and moisture changes in concrete pavement (mm);
L = slab length (mm); α = thermal coefficient of expansion/contraction of Portland cement concrete
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(PCC) (strain/◦C); �T = temperature change (◦C); ε = PCC coefficient of drying shrinkage
(mm/mm); C = adjustment coefficient to account for the slab-base frictional restraint (0.65 for
stabilized bases and 0.8 for granular bases).

This equation is intended to give an approximation of the mean joint opening over a daily or
yearly time interval, keeping in mind that the adjustment coefficient, C, was derived using limited
field testing data (Minkarah et al. 1982). As a result, comparing measured field data with calculated
values from Equation 1 can result in significant discrepancy. Morian et al. (1999) came up with
the same conclusion based on data collected for the Long-Term Pavement Performance Program.

To capture the “dynamic” feature of joint opening due to temperature and moisture changes in
PCC slab and slab-subbase frictional restraint, a mechanistic model is preferred. From a detailed
literature review, an existing elasticity-based model was modified and implemented to account for
the main contributing factors to the joint opening.

2 MODEL DEVELOPMENT

2.1 Slab-subbase interfacial restraint

To easily present the underlying analytical model, let x be the direction along PCC slab length, z
be the direction along PCC slab thickness. z is measured positive downward and z = 0 is at the
mid-depth of slab. The ends of slab are located at x = 0 and x = L. For symmetry of the problem,
only half of the slab (0 ≤ x < L/2) is analyzed. The coordinate system is shown in Figure 1.

Slab-subbase interaction serves as a restraint to joint opening, and proper characterization of
this friction is critical for accurately predicting the joint opening in JPCP. A full contact condition
between the slab and subbase is assumed in this paper. Field push-off test results suggest that the
stress-slippage behavior of a slab-base interface can be satisfactorily approximated by a bilinear
function as presented in Equation (2) below (Rasmussen & Rozycki 2001; Wimsatt et al. 1987).

where τ(x) = slab-subbase interfacial friction at x (MPa), and stress sign convention is applied
(Timoshenko & Goodier 1970); τ0 = steady-state friction (MPa); δ0 = slippage or displacement
(mm) corresponding to the friction of τ0; u(x) = average displacement through PCC slab thickness
(mm), u(x) > 0 means that slab contracts and u(x) < 0 means slab expansion for 0 ≤ x < L/2.

Equation (2) is plotted in Figure 2. Table 1 lists some typical values of τ0, δ0 for different subbase
types, and indicates that larger slab-subbase restraint and smaller threshold displacement δ0 values
exist in cement stabilized subbase compared to those in other types of subbase. This is one of the
main reasons why JPCP with semi-rigid subbase are susceptible to environment-induced cracking
at early ages.

2.2 1-D analytical model to computing the displacement field in PCC slab

Zhang and Li (2001) developed a one-dimensional (1-D) analytical model for predicting the
shrinkage-induced stress in PCC slab using Equation 2 to describe slab-subbase restraint. In this
paper, this model is modified to predict joint opening based on drying shrinkage and temperature
changes (uniform and differential) in the concrete slab. The following summarizes the main results
of this analytical model.
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Figure 2. Bilinear Slab-subbase restraint
model.

Table 1. Typical slab-subbase frictional restraint values for different
types of subbase (after Rasmussen & Rozycki 2001).

Subbase Type τ0 (MPa) δ0 (mm)

Dense-Graded HMA (Rough) 0.069 0.25
Dense-Graded HMA (Smooth) 0.035 0.51
Cement Stabilized 0.103 0.025
Lime Treated Clay 0.010 0.76
Natural clay 0.007 1.00
Granular 0.014 0.51

The governing equilibrium equation is

where τ(x), u(x) are defined in equation (2); E = elastic modulus of concrete (MPa) and h = the
height of slab (mm).

Equation (3) plus appropriate boundary conditions (BCs) constitute a boundary value problem
(BVP) for the unknown variable u. Rasmussen & Rozycki (2001) used the same equation along
with appropriate BCs to calculate the thermal- and moisture-induced slab stresses using a finite
difference scheme. Xin et al. (1992) also used the same equilibrium equation to approximate the
structural response of continuously reinforced concrete pavement. Once the displacement field u
is determined for the given BCs, the joint opening is simply equal to twice the u(0).

Defining the appropriate BCs for the problem is required to derive the closed-form solution for
the displacement u. There are two cases involved and their solutions are given as follows (Zhang &
Li 2001).

Case 1: |u(0)| < δ0

The corresponding BVP for the displacement u is

subjected to two BCs

81



where σ0 = average axial stress at x = 0 (MPa), usually taken to be zero at the joint face;
εe = environment-induced strain due to uniform temperature and drying shrinkage changes
(mm/mm) through the slab thickness.

The final result for u in this case is

where β =
√

τ0

Ehδ0
.

Case 2: u(0) > δ0 and u(x0) = δ0 for x0 ∈ (0, L/2)
In this case, only solutions for the slab contraction (i.e. εe < 0) are presented, and similar

arguments can be extended for slab expansion.
(1) For x ∈ (0, x0)

subjected to two BCs

The solution for this BVP is

where β is defined in Case 1.
(2) For x ∈ (x0, L/2)

subjected to two BCs

where σ00 = average axial stress at x0.
The solution for this BVP is

where β is defined in Case 1.
In order to determine u(0), x0 must be known, which can be obtained by applying the continuity

condition of displacement at x0, i.e., u1(x0) = u2(x0), one obtains

x0 can then be numerically solved by using a nonlinear equation solver, such as Newton-Raphson
iterative method (Burden & Faires 2001).
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The environment-induced strain, εe defined in Equation 5 consists of two components, i.e.
εe(t) = εT (t) + εdry(t), where εT = strain due to uniform temperature change through concrete slab
thickness (mm/mm); and εdry = uniform drying shrinkage strain of concrete slab (mm/mm). The
next two subsections focus on methods for predicting the thermal strain, εT and drying shrinkage
strain, εdry.

2.3 Thermal strain, εT (t)

Thermal strain due to uniform change in temperature through the slab thickness at time t can be
calculated using Equation 14

where α is defined in Equation 1; �T (t) = uniform concrete slab temperature change (◦C);
Tc(t) = constant temperature through slab thickness (◦C); Tref = reference temperature which may
be equal to the final set or zero-stress temperature of PCC slab (◦C). Here, a positive value of εT (t)
means expansion while negative means contraction.

The measured and predicted temperature profile data through the slab thickness typically is
nonlinear (Liang & Niu 1998, Wang et al. 2007). Any arbitrary nonlinear temperature profile can
be decomposed into three components: a constant temperature, an equivalent linear temperature,
and a nonlinear temperature component. Since the nonlinear strain causing component “does not
precipitate either expansion or bending, but only produces thermal strains, which tend to distort
the plate cross section” (Ioannides & Khazanovich, 1998), the effects of nonlinear temperature
component on the joint opening is ignored in this paper.

The constant temperature, Tc(t) and equivalent linear temperature component, TL(z, t) can be
extracted from the measured pavement temperature profile, T (z, t) using Equation 15 and 16 respec-
tively, which are derived using the concepts of equivalent resultant force and moment, respectively
(Ioannides & Khazanovich, 1998).

2.4 Drying shrinkage, εdry(t)

This type of shrinkage is associated with the hardened concrete. The driving force to cause the
drying shrinkage is the loss of water from the hardened concrete. In this paper, uniform drying
shrinkage εdry(t) through the thickness of the slab is assumed and calculated using Equation 17,
which is proposed by American Concrete Institute (ACI) committee 209 (Mindess et al. 2003) for
concrete’s free drying shrinkage

Where t is measured in days; εu = ultimate drying shrinkage strain value.

2.5 Effect of temperature curling strain on the joint opening

To calculate the joint opening due to the curling strain caused by the equivalent linear temperature
component defined in Equation 16, a formula based onWestergaard’s curling deflection formulation
is proposed in this paper.
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Referring to Westergaard (1926), let y be the direction along concrete slab width, the deflection
Z(x, y) for a rectangular panel due to temperature curling is

where f , is the deflection function for the panel with infinite length and finite width B, and F is
the deflection function for the panel with infinite width and finite length L. The explicit form for f
is given in Equation 18 on page 208 in Westergaard (1926), and F can be analogously expressed as

where the radius of relative stiffness, l = 4

√
Eh3

12(1−µ2)k , µ = Poisson’s ratio of concrete, k = the mod-

ulus of subgrade reaction; λ = L
l
√

8
; z0 = (1 + µ)l2α�T

h , �T = TL(− h
2 , t) − TL( h

2 , t), linear temperature
component difference between the top and bottom slab, and TL(z, t) is given in Equation 16.

The temperature curling along the slab length direction is the main contributor to the joint
opening thus the curling along slab width direction is ignored in this paper. The joint opening that
is related to temperature curling, CWcurl can be approximated as

where F ′ ( L
2

)
is the first derivative of F evaluated at x = L.

2.6 Steps involved in joint opening prediction

This section summarizes the main steps involved in the proposed analytical model to calculate the
time-dependent joint opening.

Step 1: Calculate Tc(t) and TL(z, t) from Equations 15 and 16 respectively, then calculate εT (t)
from Equation 14.

Step 2: Calculate εdry(t) from Equation 17.
Step 3: Calculate u(0) from Equation 6 by setting x = 0, εe(t) = εT (t) + εdry(t) and σ0 = 0.
Step 4: If |u(0)| < δ0, then go to Step 5; if |u(0)| > δ0, firstly calculate x0 from Equation 13 by

setting εe(t) = εT (t) + εdry(t) and σ0 = 0, then calculate u1(0) from Equation 9 by setting
x = 0.

Step 5: Calculate CWcurl(t) from Equation 20.
Step 6: The joint opening, CW (t) can be calculated as

3 APPLICATION OF MODEL

In this model calculation, the measured temperature data is taken from a field test section of a
254 mm (10 in.) thick slab with 4.57 m (15 ft) slab length and 3.66 m (12 ft) width, cast on June
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Table 2. Material parameters used in the joint opening prediction.

Parameter Value

Concrete setting temperature, Tref (◦C) 45
Coefficient of thermal expansion of concrete, α(1/◦C) 10.35 × 10−6

28-day Elastic modulus of concrete E28 (GPa) 25.9
Steady-State slab-subbase friction τ0 (MPa) 0.052
Slab slippage δ0 corresponding to τ0 (mm) 0.38
Poisson’s ratio 0.2
Ultimate drying shrinkage strain 7.8 × 10−4

Composite modulus of subgrade reaction k (pci) 450

22, 2006 in Rantoul, Illinois, USA. The subbase is 406.4 mm (16 in.) thick Hot-Mix Asphalt. The
pavement temperatures are measured at different depths of slab, i.e., surface, 1, 3, 5, 7 and 9 inches
at 15-minute intervals. The model testing period used in this paper started at 12:08 a.m. on July
01, 2006, ended at 12:38 p.m. on July 13, 2006 (1203 time steps). The slab was constructed on
June 22, 2006 and therefore the predicted opening on July 1, 2006 will be greater than zero. The
assumed material parameters in the model calculation are given in Table 2.

Also the time-dependent elastic modulus of concrete, Ec is approximated by (Mosley & Bungey
1990)

where Ec is the elastic modulus at time t (in days).
The measured pavement temperature at 25.4 mm (1 in.), 127 mm (5 in.), 228.6 mm (9 in.) and

the calculated constant strain causing (mean) temperature are plotted versus time in Figure 3.
Figure 4 presents the predicted joint opening values with (red) and without (black) temperature
curling correction along with the measured ones (blue), respectively. Figure 3 indicates that the
mean temperature varied from 22.5◦C to 36◦C approximately. Figure 4 shows that the predicted
joint opening changed between 1.02 mm (0.04 in.) and 2.29 mm (0.09 in.) approximately under the
above-mentioned varying mean temperature and increasing drying shrinkage given in Equation 17,
while the measured openings vary between 0.76 mm (0.03 in.) and 1.9 mm (0.075 in.) during the
monitoring period.

4 DISCUSSION

There are many factors influencing joint opening prediction, such as the slab’s temperature pro-
file, concrete setting temperature, the drying shrinkage over the first few weeks and months,
the slab-subbase interfacial restraint and concrete time-dependent material properties (e.g. elas-
tic modulus, creep and stress relaxation). During the first 220 hours of the model calculation
(Figure 4), the predicted maximum joint opening matches well with the measured values for each
daily cycle. However the measured daily joint movement, i.e. difference between maximum and
minimum joint opening, was under-predicted by the model. The main reason for this discrep-
ancy is the drying shrinkage model does not allow for temperature-dependent reversible shrinkage
strain. It is the reversible part that tends to decrease joint opening especially during the day. This
reversible shrinkage strain has been studied for concrete and is referred to as the hygrothermal strain
(Grasley 2006). The current free drying shrinkage model used in this paper does not adequately
capture the hygrothermal strain or the concrete’s tensile creep, which are both currently under
investigation.
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Figure 3. Measured pavement temperature at different slab depths and calculated mean temperature.

Figure 4. Measured and predicted joint opening values using the proposed model.

5 CONCLUSION

A rational approach to predicting the time-dependent joint opening in JPCP is systematically
presented in this paper. The proposed analytical model for joint opening takes the effects of the
environment, subbase type, concrete material constituents, and slab geometry into consideration.
In particular, a closed-form solution to correct the joint opening value due to temperature curling
is also proposed. Initial model calculations using measured slab temperature profiles and assumed
material parameters suggest that the proposed analytical model generate reasonable joint opening
value for JPCP.
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ABSTRACT: The behavior of construction joints in Fiber Reinforced Concrete (FRC) pavement
is analyzed herein by mean of experimental tests. The joints system is obtained by inserting a dowel
connector between two concrete blocks representing a pavement portion. In order to simulate the
pavement subgrade, the specimens have been placed on cork bricks that were previously tested for
determining their stiffness. Two different pavement thicknesses as well as two different fiber con-
tents have been considered. The results shows the effectiveness of the fiber reinforcement in increas-
ing the bearing capacity of the pavement, particularly when a smaller pavement thickness is adopted.

1 INTRODUCTION

One of the main fields, where Fiber Reinforced Concrete (FRC) has been successfully applied
in substitution of conventional reinforcement (welded mesh), concerns slabs on grade (Kukreja,
1987; Falkner et al., 1995; Beckett, 1999; Meda & Plizzari, 2004). In fact, structural fibers (i.e.
proper fibers adopted with an adequate dosage) increase mainly concrete toughness that is partic-
ularly important in statically indeterminate structures, as slabs on grade, since it facilitates a stress
redistribution after the cracking of the concrete matrix (ACI, 1996; Ahmad et al., 2004; di Prisco
et al., 2004).

Industrial pavements, roads, parking areas and airport runways are often constituted by slabs on
grade under severe conditions with concentrated and dynamic loads. Therefore, pavements should
be engineered with a proper attention devoted to subbase preparation, concrete mix design, and
a thorough analysis of loading conditions, joint spacing for shrinkage and thermal effects (ACI,
2001; Walker & Holland, 2001).

Since heavy concentrated loads from industrial machinery and shelves cause intensive cracking
and excessive deformation of industrial floors, a diffused fiber reinforcement may help the structural
behavior. In fact, fibers prevent microcracks from becoming macrocracks and thus protect concrete
from aggressive environmental attack. In concrete pavements, some types of (low modulus) fibers
are also particularly suitable both for limiting shrinkage effects and for increasing fatigue resistance
(Zollo & Hays, 1991; Plizzari et al., 2000).

The substitution of conventional reinforcement with structural fibers allows a reduction of the
working time for placing reinforcing bars (rebars) or welded mesh and, as a consequence, a reduction
of the construction costs (Meda & Plizzari, 2004). Furthermore, the top layer of conventional
reinforcement can hardly remain in the correct position during construction operations (concrete
pouring) but this is no longer a problem when fiber reinforcement is adopted.
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Many of the problems associated with pavements are related to maintaining joint integrity; in fact
the performance of concrete pavements depends to a large extent upon the satisfactory performance
of the joints (Concrete Pavement Joints, 1990).

Distresses that may result from joint failure include faulting, punching, spalling, corner breaks,
and mid-panel cracking. Characteristics that contribute to satisfactory joint performance, such as
adequate load transfer and proper concrete consolidation, have been identified through research
and field experience. Loads applied by traffic must be effectively transferred from one slab to
the next in order to minimize vertical displacements at the joint. Reduced deflections decrease
the potential for pumping of the subbase material and faulting. The principal method adopted for
developing load transfer across a joint is the use of a load transfer device, such as a dowel bar (Iowa
State University, 2004).

Moreover, the joint stiffness and strength remarkably influence the overall slab behavior in
terms of bearing capacity and stiffness (Belletti et al., 2004). A better knowledge of joint behavior
is essential for the correct design of such kind of structures.

In order to experimentally investigate the behavior of construction joints with dowel bars, several
specimens, representing a portion of pavement across a joint, were tested under a concentrated load.
Specimens had two different thicknesses (200 and 350 mm) and were made with different contents of
steel fibers. Since designers often consider pavements as slabs on an elastic subgrade (Winkler soil
model; Westergaard, 1926), the specimens were placed on elastic supports (cork bricks) reproducing
this design assumption. In order to emphasize the role of steel fibers, experimental results show the
comparison between the joint behavior of plain and fiber reinforced concrete as well as the effects
of the load transfer across the joint. Reference specimens were made of plain concrete (without
any welded mesh) in order to better evidence the role of the fibers on the concrete matrix.

2 TESTING SET-UP AND SPECIMEN PREPARATION

The testing set-up adopted for determining the joint behavior is shown in Figure 1: three concrete
blocks having a length of 1000 mm, a width of 500 mm and a thickness of 200 or 350 mm, were
connected by means of a steel bar (dowel) having a diameter of 20 mm. A point load was applied
in the middle of the central block by means of a screw jack. The dowel bar was embedded in the
central block and continued with an unbonded length of 500 mm (obtained by means of plastic

200

20
0

Jack

Load
Cell

50
0

1000

200 or 350

10001000

Dowel bar

Dowel bar

Figure 1. View of the experimental set-up for the tests on construction joints (measures in mm).
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tubes) in the lateral blocks. This experimental system aims to represent a portion of pavement with
two pavement joints symmetrically placed respect to the applied load (Fig. 2).

The dowel bar is placed in the centroid of the transverse section of the pavement. In order to ensure
a correct alignment of the bars, the three concrete blocks were aligned in wooden moulds (Fig. 3).
As mentioned above, the specimens were placed on cork bricks in order to simulate a Winkler
soil. The bricks layout was determined in order to have a stiffness typical of pavement subgrades
(0.076 N/mm3); the stiffness of the cork bricks was experimentally determined, as described in §3.

Specimens were made of steel fiber reinforced concrete having two fiber contents: 30 kg/m3

and 60 kg/m3, corresponding to a volume percentage (Vf ) of 0,38% and 0,76%, respectively. Some
specimens made of plain concrete were also tested to obtain reference values. The steel fibers have
a hooked geometry, a length (lF) of 50 mm and a diameter (φF) of 1.0 mm (aspect ratio lF/φF = 50).

Figure 2. Pavement joints symmetrically placed respect to the applied load (measures in mm).

Figure 3. Wooden moulds with the reinforcing bars.
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Figure 4. Instrumentation adopted during the tests (top view; measures in mm).

Figure 5. Geometry (a) and instrumentation (b) of the notched specimen for the bending tests, according to
UNI 11039 (2003).

The concrete matrix is the same for the three materials, with a cubic compressive strength equal to
41.2 MPa and a Young’s modulus equal to 35.2 GPa (mean values).

Figure 4 shows transducers (Linear Variable Differential Transformers, LVDT) position for
recording the vertical displacement and determining the deformation of the specimens.

In order to determine the fracture properties of the adopted materials, four notched beams
(150 × 150 × 600 mm) for every material were tested under four point bending, according to the
Italian Standard (UNI 11039, 2003; Fig. 5) that is very similar to the CEN Standard (2005). A
notch with a depth of 45 mm was placed at mid-span (Fig. 5a). Fracture tests were carried out with
a servo-hydraulic testing machine by using the Crack Mouth Opening Displacement (CMOD) as
a control parameter, which was measured by means of a clip gauge positioned through the notch.
Additional LVDTs were used to measure the Crack Tip Opening Displacement (CTOD) and the
vertical displacement at the beam mid-span and under the load points (Fig. 5b).

The results of the fracture tests are summarized in Figure 6a: it should be noted that fiber content
remarkably influences the concrete toughness (evidenced by the post-peak strength) while the peak
stress is not significantly influenced by the presence of fibers (it mainly depends on the tensile
strength of the concrete matrix; Fig. 6b).

3 SUBGRADE MODELING

Preliminary experiments on the cork bricks adopted for the subgrade were performed in order to
assess their stiffness. All the square bricks, having a side of 100 mm and a thickness of 20 mm,
were loaded in compression and their stiffness was measured (Fig. 7). In Figure 8, a typical load-
displacement curve is shown: it can be noticed that the behavior is almost linear-elastic; therefore,
they could be used successfully to reproduce an elastic subgrade. Since tests were performed on
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Figure 6. Comparison of the nominal stress versus CTODm curves (a) and peak stress versus CTODm curves
(b) obtained from four point bending tests on plain concrete and FRC specimens.

Figure 7. Cork bricks adopted to simulate a Winkler soil: single layer (a) and double layer (b).

all the cork bricks, the ones having a slightly different stiffness have been discarded. The average
stiffness of a single brick was equal to 1820 N/mm. The layout was defined as shown in Figure 9a by
obtaining a subgrade stiffness equal to 0.076 N/mm3 (similar to that used in previously researches;
Sorelli et al. 2006). For the tests on block joints with a thickness of 350 mm, the maximum
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Figure 8. Typical load versus vertical displacement curve obtained from a compressive test on a cork brick.
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Figure 9. Layout of the cork bricks for the tests on 200 mm (a) and 350 mm thick block (b).

Figure 10. Load vs. vertical displacement curves for the blocks with 200 mm thickness.

displacement of the cork bricks was higher than the linear elastic limit; since this was considered
not acceptable, two bricks were superimposed in order to obtain a thickness of 40 mm (Fig. 7b).

For this new subgrade system, the average stiffness, experimentally determined (on a couple
of bricks), is equal to 940 N/mm and a new layout was determined (Fig. 9b) in order to obtain a
subgrade stiffness similar to previous tests (0.075 N/mm3).
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Figure 11. Load vs. vertical displacement curves for the blocks with 350 mm thickness.

Figure 12. Final crack pattern for FRC elements with a volume fraction of fibers equal to 0,38%: lateral
(a, b) and bottom view (c).

4 RESULTS

Experimental results from specimens having a thickness of 200 mm and 350 mm are shown in
Figures 10 and 11 respectively, where the load versus displacement curves are plotted. One test for
each type of material was performed. The displacement refers to the vertical displacement of the
top surface under the point load and it is obtained as the average of the measure in points 2B and
3B of Figure 4.

It can be noticed that, in thinner elements (200 mm), fibers remarkably increase the bearing
capacity of the specimen (almost three times, when 60 kg/m3 are used, with respect to plain concrete;
Fig. 10). However, the stiffness is approximately the same for the three materials since it is mainly
provided by the uncracked concrete matrix; furthermore, the stiffness remains constant up to failure.
Structure’s collapse occurs after the propagation of a single flexural crack along the mid section of
the central pavement element, as shown in Figure 12.
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Comparison of the vertical displacement at 70 kN
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Comparison of the vertical displacement at collapse
Blocks 1000x500x200 mm

-15

-10

-5

0

5

10

15

0 500 1000 1500 2000 2500 3000

Length [mm]

V
er

ti
ca

l d
is

p
la

ce
m

en
t 

[m
m

]

Plain Concrete [150 kN]
FRC - Vf =0.38% [318 kN]
FRC - Vf =0.76% [408 kN]

1A 2A 3A 1B 5B 2C 4C 5C2B

3B

(b)

Figure 13. Vertical displacements measured in specimens with a thickness of 200 mm under a load of 70 kN
(a) and at collapse (b).

Figure 14. Comparison of the relative vertical displacement across the joint of specimens having a thickness
of 200 mm.

In structures with a higher thickness (350 mm), the effect of the fiber content is less important, as
shown in Figure 11, even if a remarkable difference is present between plain and FRC specimens.

Figure 13 shows the vertical displacement of the three concrete blocks during the tests; one can
notice that, under service conditions, the three concrete blocks move as rigid elements: the central
one vertically translates while the lateral ones tend to rotate.
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Figure 15. Comparison of the relative vertical displacement for the blocks having a thickness of 350 mm.

In order to evaluate the stiffness of the joint, the load is plotted versus the relative displacement
(3A and 1B transducers in Figure 4) across the joint in Figures 14 and 15; it should be mentioned
that the plotted displacement includes the deformation of the plastic tube used to make one part
of the dowel bar unbonded (Fig. 3). One can notice that, for the pavement having a thickness of
200 mm, the relative displacement is approximately linear up to failure and is very similar for
the three different materials (Fig. 14). For the pavement with a thickness of 350 mm, the relative
displacement is similar only for lower load levels while it became irregular for higher load levels,
where cracking phenomena occur and influence the overall behavior of the specimens (Fig. 15).
A similar behavior was obtained for the other joint, where relative displacements were measured
between points 4B-1C, 5B-2C and 6B-3C (Fig. 4).

5 CONCLUDING REMARKS

Fiber Reinforced Concrete is now a reality for concrete pavements improvement because of its
several advantages in terms of reduced labor time and of durability due to a better crack control.
Since cracking phenomena may be presents around a pavement joint, fiber reinforcement may also
be helpful in joint behavior.

This paper presents results from an experimental program on pavement blocks with two joints
reinforced with a dowel bar. Preliminary tests were performed on specimens with two different fiber
contents as well as on plain concrete specimens that are considered as the reference specimens.

A special experimental set-up was prepared and the elastic subgrade was simulated by using cork
bricks whose stiffness was experimentally determined. A local load was applied on the pavement
by using a screw jack.

The stiffness of the joint with a dowel connector (unbonded at one end), which is useful for a
correct pavement design, was experimentally determined. Results also show that fiber reinforce-
ment remarkably increases the bearing capacity of pavements (with respect to plain concrete) while
the above mentioned joint stiffness mainly depends on the uncracked concrete matrix.

Further tests will be performed in order in order to verify the bearing capacity of the dowel bar
in joints between FRC pavements; joint collapse will be achieved by testing pavement blocks with
a smaller thickness or by using a dowel bar with a larger diameter.
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Induction of joints in concrete pavements
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ABSTRACT: To induce a crack in concrete, a section of pavement must be debilitated. Before the
pouring of concrete we lay out the JRI+ device which causes a crack in this section of concrete by
shrinkage. The crack’s shape will: 1. Transfer the loads and avoid the relative vertical displacements
between adjacent slab edges. 2. Have horizontal or close to horizontal plain zones near the middle
plane of the slab. These horizontal zones will have enough area to reach small stresses and to
guarantee its durability. 3. Have the larges possible support between the slabs. The support surface
between slabs will be inclined. The inclination will alternatively vary from one side to the other of
the crack’s superficial line. In this way, the support will be mutual between adjacent slabs. The crack
has to be watertight, avoid the pumping and ground erosion, and the incoming water from above the
crack. The application of a rubber joint on the superior portion of the induction device of the crack
will supply a permanent watertight seal. The results taken by the Falling Weight Deflectometer
(FWD) are shown in a previous test before the execution of the work. A method will be described
to reduce the spalling. The top last centimetres of the concrete surface will be separated with a bar.
It will cut the fresh concrete.

1 INTRODUCTION

1.1 Background

The joint system (JRI+) presented herein takes advantage of the natural development of shrinkage
in concrete to induce the formation of joints along the projections of previously placed system
devices.

This system induces in-situ concrete pavement with an efficient interlocking indentation among
the slab elements resulting from the shrinkage phenomenon from the vertical loads. These joints
have two characteristic missions: to transfer the loads between slabs and to waterproof the pavement.
The slabs form a three-dimensional “puzzle” that prevents vertical differential displacements from
occurring among their edges. Up to now, this joint system has been used satisfactorily for concrete
pavements in urban roads and highways, as well as in tramway tracks and in harbor and airport
platforms. Railways, channels, tunnels, dams, culverts and dikes are potential areas of future
application.

1.2 What does it involve?

The system involves the development of a hinge between the adjacent sides of a crack induced
in-situ in the concrete pavement slab. It is based on the laid out work along the joint lines, of a
device that takes advantage of the retraction phenomenon to produce an alternative indentation
along the joints.

The procedure complements itself with a rubber band (gum) element that facilitates the formation
of the fissure and prevents seepage of water into the sub-grade. This rubber band can be fixed to
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Figure 1. Resulting slab with interlocking hinged boundaries.

Figure 2. Core with induced crack by the JRI+ system.

the upper part of the previously mentioned joint device, making the traditional cutting and sealing
unnecessary.

This new system induces the crack in the concrete produced by shrinkage, weakens the concrete
where it is placed, and controls the crack’s shape.

The result is a three-dimensional load transfer system as shown in Figure 1.
The strength to shear of the protuberance has been tested by Laboratory Technology Structures

of polytechnic University Cataluña (Spain) “Laboratorio de Tecnología de Estructuras de la Uni-
versidad Politécnica de Catalunya” (Universitat Politecnica de Catalunya, 2005). The ratio between
the service stress and the breaking stress is approximately 4. This provides a high safety factor and
therefore the fatigue life of this transfer devise may be considered indefinite. The elements which
induce the crack are made of plastic and they are assembled with #3 deformed bars.

Figure 2 demonstrates a crack that has been induced by the JRI+ device. Note that about mid
depth the crack has almost a horizontal surface. The load transfer is not only provided by the surface
inclination with aggregate interlocking but also by the almost horizontal surface. The intention is
to provide load transfer at all times even under very cold temperatures when the joints are at their
maximum opening.

Figure 3. In this figure, two edges of adjacent slabs have been displaced horizontally by a
machine. In one edge we can see the alternate protuberances which are the support of the adjacent
slab. Previously in the lateral edge we can observe that the cracking was already created. Also, you
can note the dislocated rebar that is used to assemble the system.

Figure 4. In this figure, the JRI+ joint system is placed and fixed on the ground. One can see
the correspondence between the cracks shown in the Figures 2 and 3 with the system.
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Figure 3. Crack shape between slabs.

Figure 4. Setting devices prior to pouring concrete in Olean (NY).

2 DESCRIPTION OF THE SYSTEM

2.1 Figures 5,6,7,8

As shown in Figure 5, the device 1 for forming contraction joints in PCCP includes three basic
components: members formed by equal trays 3, 3’, supports 5, 5’ and stiff linear members 7, 9,
11. A fourth component of the device 1 (not shown in Figure 5) is a waterproofing joint (Figure
8) situated on the upper portion of the device. The alternating arrangement of trays 3, 3’ defines
a triangular prismatic shape of the device 1. The Figure 6 show two half-trays 14, 15 that have a
broken surface form with an upper portion 17 and a lower portion 19 that are parallel and tilted at an
acute angle l with regard to the horizontal plane, and a central, almost horizontal portion 21(small
angle C in Figure 6). The upper portion 17 and lower portion 19 include regularly arranged open
areas 22.

On the other hand, the upper edge 27 of the half-tray 15 is configured to facilitate the assembly
of a waterproofing joint 40 as demonstrated in Figure 8. The two hooks, 41 and 43, on each side
of the cracked concrete slabs, lips 45 and 47, allow for the horizontal separation.

As shown in Figures 7a and 7b, device 1 for forming joints is seen with trays 12, 12’ alternately
arranged on either side of the superficial crack line 24 coinciding in a same vertical plan with the
stiff linear member 11 with gaps 16 in between the plane. The trays 12 and 12’ are assembled on
stiff linear members 7 and 9 which are made to pass through the orifices 35 and 37 of the supports
30, 31 and through the conduit 25 of the trays 15.

101



Table 1. Results obtained with the FWD.

Difference Residual
Deflection between slabs deflection Holes

P.K. (mm/100) LTE (%) (mm/100) (mm/100) angleˆ M (◦)

0.000 16.1 95.27 2.0 1.998 85.047
0.000 14.5 100 0.0 3.446 90.000
0.003 15.8 93.421 1.6 3.084 87.709
0.004 14.9 100 0.5 3.313 88.091
0.007 14.5 94.245 1.4 2.343 87.709
0.007 13.4 100 0.8 1.789 86.947
0.014 17.4 100 2.1 0.576 80.910
0.014 17.3 100 2.5 2.822 80.538
0.021 14.7 97.826 1.2 1.743 86.566
0.021 16.3 95.597 1.1 3.801 85.806
0.028 22.2 100 0.0 1.543 79.796
0.028 27.2 94.313 7.3 0.504 64.049
0.035 15.9 100 1.6 0.916 83.911
0.036 14.7 100 0.1 1.327 89.618
0.042 14.8 92.308 1.6 0.169 88.091
0.043 13.9 100 0.3 0.632 88.854
0.048 16.4 100 2.8 1.689 77.957
0.049 13.7 100 0.7 0.912 87.328
0.054 17.7 100 1.5 2.383 83.911
0.055 17.0 100 1.0 3.783 86.186
0.063 13.7 94.406 0.2 6.034 90.000
0.063 14.9 100 0.9 1.895 86.566
0.071 18.8 99.412 1.9 3.146 83.157
0.072 18.3 100 0.0 4.549 90.000

Figure 5. Figure 6.
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Figure 7. Figure 8.

A third linear member 11 has been added in Figures 7a and 7b which serve to stiffen the
waterproofing joint 40, and which is situated in the cavity 49 of its lower portion, which is assembled
on the upper edge 27 of the half-trays 14, 15.

The material constituting the trays 3 must be a material suitable for serving as a concrete divider
member.

Highly stiff plastic bars or steel bars can be used as stiff linear members 7, 9, 11.
All the components of the device are suitable for prefabrication. Their reduced weight and their

shape allow for transporting them in stacks to the work site where they are assembled in the manner
indicated and positioned on the ground in the sites provided for the joint. All these characteristics
cause that this system is cheaper that the dowel system.

Once assembled, its configuration and particularly the presence of openings in the trays and
supports facilitate the positioning of the concrete without moving the device. As a complement,
nails for fixing it to the terrain immobilizing the members 7 and 9, and therefore the device 1, are
needed.

The device for forming contraction joints includes gaps 16 between alternating trays 3, 3’; 12,
12’ so that the crack of the concrete resulting from shrinkage or from the action of a load can easily
vary its orientation to either side of the superficial crack line by following the surfaces of said trays
3, 3’;12, 12’.

2.2 Figure 9

As shown in Figures 9a and 9b, the embedding occurring between the slabs 50 and 52 formed in a
pavement, which is facilitated in the event of very wide cracks due to the existence of horizontal
flat surfaces 53, 54, 53’, 54’ corresponding to the areas 21 of the trays 12, 12’, is observed.

As concrete cracks, the two slabs 50, 52 are formed with a different configuration in the areas
corresponding to the alternating trays 12, 12’, respectively.

In the area corresponding to one tray 12 (Figure 9a), the horizontal span 54 of slab 52 is situated
above the horizontal span 53 of slab 50, and slab 52 is prevented by slab 50 from moving downwards.

In the tray 12’ (Figure 9b), the horizontal span 54’ of slab 52 is situated under the horizontal
span of 53’ of slab 50. Therefore, in this area slab 52 is prevented from moving upwards since the
horizontal span of slab 50 is above. Therefore the shear stresses are transmitted among the slabs.

The horizontal portion 21 of the trays 12, 12’ always works under compression, therefore its
durability is assured. It is recommended that it be thin and/or that its elastic limit be high so
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Figure 9.

High stress in short horizontal
surface

Figure 10. Strengths equilibrium with a dowel bar.

that deformation thereof by compression is small and the transmission of loads is efficient. Any
downward movement of a slab must be transmitted to the other one in the same magnitude.

3 FWD RESULTS IN MADRID

3.1 Test and analysis experimental tram in highway M503

Twelve joints were tested in both sides in May, 2006. The results were obtained with a FWD for
six loads on each joint. The middle transfer is higher 98%.

For the determination of LoadTransfer Efficiency (LTE) the parameters of theAASHTO GUIDE
FOR DESIGN OF PAVEMENT STRUCTURES (AASHTO Guide, 1993) was used and specifi-
cally section 3.5 “Non destructive testing deflection measurement” and the method of the Texas
University.

Seven geophones were located equidistance from each another. Two of them were located at the
same distance from the crack before and after the joint.

The AASHTO’ method (Part III, section 3.5.5: “Use in Slab Void Detection”) was used to
calculate the Residual Deflection. One test was performed by three knocks with different charges
(8.1, 12.0 and 16.0 ton). Three deflections were used in the analysis. The straight line of these
points or the regression line was used to estimate the Residual Deflection as the distance between
the origin and the interception with the y-axis.
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The method of the University of Texas at Austin to determine the existence of holes below the
slab is based in M angle. The M angle is the angle that is formed between the regression line
deflection of geophones 1 and 3 with the vertical line.

Location of the geophones

2 1    3  4 5    6 7 

  joint 

From the above we note that:

Where LTE% = Load Transfer Efficiency in percent; d3 = deflection at location 3; and
d2 = deflection at location 2.

The difference between slabs is d1 − d3

Where d1 = deflection at location 1; and d3 = deflection at location 3.
Location of the geophones

2 1    3 4  5    6 7 

Joint

From the above we note that:

Where LTE% = Load Transfer Efficiency in percent; d3 = deflection at location 3; and
d2 = deflection at location 2.

The difference between slabs is d1 − d2

Where d1 = deflection at location 1; and d2 = deflection at location 2.

4 COMPARISON OF SYSTEMS

4.1 Dowel bar system

Ground reaction + shear = wheel load

To reduce the contact stresses in the concrete it is necessary to improve load carrying capacity
of base and/or sub-grade

4.2 New system

Ground reaction + shear = wheel load

If ground reaction is low, for equilibrium the shear force will be larger, however the stresses
along the horizontal surface are low because there is a larger contact area. Therefore, the load
transfer capacity does not depend of the base and sub-grade.

The pavement thickness can be used to check the slab to high stresses. It is possible to calculate
with zero ground reaction and to consider that the slab is only supported in their edges. This way
is equivalent to assume a high temperature gradient or the existence of voids below the slabs and
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Low and uniform stress along
horizontal surface

Figure 11. Strengths equilibrium with the new system.

Figure 12. Crack made by pulling the
superior bar away.

Figure 13. Vertical crack where the bar was
placed.

will allow ensuring long lasting pavement. In this way, the pavement does not require any other
layers, at least from the structural point of view.

5 REDUCTION OF THE SPALLING

The Long Term Pavement Performance program (LTPP) defines Spalling of Transverse Joints as
cracking, breaking, chipping, or fraying of slab edges within 0.3 m from the face of the transverse
joint. Spalling that occurs at transverse joints in Portland Cement Concrete (PCC) pavement with
JRI+ joint system is originated by micro-cracks that are produced by the concrete drying after a
few hours from pouring the concrete. If a saw cut is not performed or it is performed outside the
window of opportunity, this causes the crack to form before we can do the cut. A better approach
is to weaken the zone were micro-cracks could be developed. One way to accomplish it is shown
in Figure 12, by pulling the superior bar upwards of the fracturing system in fresh concrete. In the
fresh concrete the course aggregates are separated from each side of the fracturing system.

When trowelling, one closes the crack, leaving normally the main part of course aggregates at
both sides of the same crack and debilitating the concrete in the zone of the crack. This zone only
has mortar or concrete that may contain large aggregates. The crack will originate in that place,
resulting in a thin crack that is not necessary to waterproof, since it has the rubber band application
in place. In Figures 12 and 13 the rubber band has a different shape than Figure 8. Both have lips
that connect the rubber band to each side of the crack. This ensures the water seal. With other
shapes such as the open tub, the accumulated water in the crack may be drained by the inclined
slope of the pavement.
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The spalling may also be produced by stones that become embedded in the crack. The method
presented in this paper proposes a narrow crack that avoids the introduction of big stones in the
crack, therefore reducing spalling by stones.

6 CONCLUSIONS

The JRI+ joint system supports several conditions including the induced formation of joints with
a 98% indefinite load transfer efficiency. In addition, JRI+ joint system provides a method of
waterproofing of the pavement structure and is a system that does not require additional layers for
structural reasons. The system is cheaper than the use of conventional dowel bars.
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ABSTRACT: Joints are placed in Jointed Plain Concrete Pavements (JPCP) to control random
cracking that is caused by the residual stresses that develop due to thermal, hygral, or hydration
effects. Although the concept behind the need for saw-cutting is relatively straightforward, deter-
mining the time and depth of the saw-cut can be complicated in practice. While saw-cutting is
widely done in practice, it is usually based on non-scientific principles. This study used finite ele-
ment analysis to simulate the effect of saw-cutting on the stress development and cracking behavior
of concrete pavements. The interaction between the environmental conditions, properties of the
constituent materials, mixture proportions, mechanical properties, and timing of construction oper-
ations was assessed in terms of the rate of concrete property development and stress development.
This approach presents an exciting step forward that will enable concrete pavement construction
practices to be optimized for a given series of construction materials and environmental conditions.

1 INTRODUCTION

Saw-cuts need to be placed within a specific time window in JPCP during construction operations.
Placing the saw-cut too early can result in raveling and spalling around the joints, while placing
the saw-cut too late can result in random cracking. This time window depends on the constituent
materials, the fresh mixture properties, the restraint from subgrade or adjacent pavements, and
environmental conditions such as ambient weather conditions. Currently, the guidance from the
pavement communities is limited in determining the time at which a saw-cut should be placed.
The American Concrete Institute (1995) recommends that “the joints should be sawed as soon
as practical wherein the concrete should have hardened enough”, while Indiana Department of
Transportation (2005) specifies that saw-cuts should be placed between 2 and 12 hours when the
concrete is “sufficiently hardened”.

Not only is the saw-cutting time window difficult to determine, but so is the appropriate depth
of the saw-cut. While deeper saw-cuts are better in controlling cracks, shallow saw-cuts may
sometimes be preferred since they are introduced at a faster rate and are less demanding on the
saw-blade making the saw-cut less expensive. Currently, the determination of the appropriate depth
of a saw-cut to insure that random cracking does not occur is not easy. The American Concrete
Pavement Association (2002) recommends a saw-cut depth of D/3 for longitudinal joints (where
D is the pavement depth), D/4 for transverse joints in pavements placed on a dense granular subbase,
and D/3 for transverse joints in pavements placed on a stabilized and open graded subbases (Voigt,
2002). Voigt (2002) reported that 96% of the state agencies require a minimum saw-cut depth of
D/4. It should be noted that even more complexity arises when the complex interaction between
saw-cut depth and the time of saw-cut placement are investigated.
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Environmental conditions significantly influence the development of stresses within the pave-
ment at early ages. Weather conditions and fluctuations in weather conditions (relative humidity,
temperature, precipitation, wind speed, and wind direction) all play a significant role in early-
age stress development, saw-cutting time window, and cracking behavior (Armaghani et al. 1987,
Zollinger et al. 1994, Gaedicke et al. 2007). Contractors have begun using hand-held weather
monitoring stations which can provide valuable information on current environmental conditions
(Thier, 2005); however, little or no guidance is available for the contractor to directly relate their
mixture properties with the weather station and the timing of construction operations.

Although many computer programs are available to predict the average section stress develop-
ment in concrete systems (HIPERPAV, 2007; PLATE, 1999), most of them do not consider the
influence of a saw-cut placement on stress development and cracking behavior. Recently, a new
feature to include the timing of a saw-cut has been added to the software HIPERPAV (2007). The
scientific principles behind the algorithm that should be used to determine time of saw-cutting
is not well understood. Detailed information on the stress level surrounding the crack and crack
propagation requires further the investigations. As timing of the saw-cut placement and the depth
of saw-cutting are two interrelated factors (Raoufi et al. 2008, Gaedicke et al. 2007), further work
is still needed to develop a reliable tools to predict the timing of a saw-cut. This paper describes
one method which may provide insights into the algorithm that should be used to predict the time
of saw-cutting. The model used in this paper considers early age stress development and cracking
considering fundamental material properties, environmental conditions, and fundamental mechan-
ics concepts. Emphasis is placed on modeling conventional saw-cutting practices rather than soft
early age saw-cutting (when the concrete is green and very early entry saws are used). The approach
presented in this paper can provide new insight into how cracks develop and propagate in a concrete
pavement such that new algorithms can be used in commercial software.

2 OBJECTIVES

The main objectives of this paper are:

1. To use a finite element method that is based on fundamental mechanics and material properties
to assess how the timing of saw-cut placement and ambient conditions influences the stress
development, damage development, and random cracking, and

2. To determine the influence of the saw-cut depth on the maturity at which stresses develop and
random cracking would be expected to occur in concrete pavements.

3 MODELING APPROACH

Finite element software, FEMMASSE MLS 7.1 (2004), was used to model the influence of saw-
cut introduction on stress development and cracking in concrete pavement. A concrete material
was used with age-dependent strength, elastic modulus, autogenous shrinkage, and viscoelastic
properties. The complex interaction of thermal and moisture gradients with age-dependent property
development, viscoelasticity, thermal dilation, and nonlinear fracture mechanics were considered
in the analysis. Time-dependent environmental boundary conditions were assigned to the model. In
addition, time-dependent saw-cuts with different geometries were modeled. The software provides
a detailed analysis of the stresses, displacements, temperature distributions, moisture conditions,
and cracking profiles at every point in the concrete pavement at every time during the simulation.

3.1 An overview of the model

A two-dimensional concrete pavement section was analyzed (380 mm deep and 5400 mm long).
A saw-cut was introduced at the middle of the pavement at different ages as shown in Figure 1.
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Figure 1. A schematical view of the finite element model.

Table 1. The previously measured age-dependent material inputs at selected times.

Age (hr) 5 12 24 72 168 672

Elastic Modulus (MPa) 500 11500 15242 25000 30000 36000
(Barde, 2004)
Tensile Strength (MPa) 0.0 1.9 2.6 2.9 3.0 3.2
(Thier, 2005)
Comp. Strength (MPa) 0.0 2.8 14.3 25.2 34.5 40.0
(Thier, 2005)
Adiabatic Temp. (◦C) 23.1 44.6 55.1 59.5 60 60
(Bentz, 1998)
Shrinkage (µε) 0 −10 −45 −182 −242 −402
(Pease, 2005)

The 5400 mm length of pavement was chosen to mimic the distance between two joints in the field
(Thier, 2005, Falker, 2003). The saw-cut width was considered to be 4 mm (Thier, 2005), while
the saw-cut depth and the timing of saw-cut were varied. The pavement section was placed over a
225 mm-deep granular base and subbase layer, which was also supported by 2300 mm-deep layer
of subgrade in the vertical direction. The subgrade layer was chosen to be large enough to act as
a heat sink to eliminate any temperature interference that may arise from the pavement’s lower
boundary conditions. The initial temperature of the subgrade layer was chosen to be 13◦C (Bentz,
2000). A unit thickness of 1000 mm was defined for the model and no variation was considered in
the third direction. Quadrilateral elements were used to mesh the model, and the mesh close to the
saw-cut location was more refined to enhance the numerical accuracy of the model.

The model was completely sealed from the sides and bottom; however, measured surface evapo-
ration rates of 4.3 × 10−7 m3/m2/s for the first 14 hours and 3.4 × 10−8 m3/m2/s at later times were
used to define the evaporation from the surface. A constant relative humidity of 75% (Barde, 2006)
and different ambient temperature functions (i.e., constant or periodical functions) were defined
over the surface of the pavement to model the different environmental conditions. A wind speed
based heat transfer coefficient of 45 W/m2K was used to model heat gain and loss of the pavement’s
surface. As shown in Figure 1, the model sides were restrained from moving in x-direction, but
were allowed to move freely in the y-direction.

3.2 Concrete properties

The age-dependent material properties shown in Table 1 were used to model a concrete with a
water-to-cement ratio of 0.42 and 70% aggregate by volume. The set time was 5 hours; however,
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the computer simulation started at the time of casting. It should be noted that the tensile strength
data was fit using Hansen’s hydration function (Hansen et al. 1985). A time-dependent Maxwell
Chain Model was used to describe the viscoelastic nature of concrete. A bilinear softening model
(Hillerborg, 1987) was used to describe the softening behaviors of concrete respectively. Based on
the experiments performed by Østergaard (2003), a stress-to-strength ratio and a crack width of 0.2
and 0.8 mm were used to define the knee point of the bilinear softening curve, while a critical crack
width of 2.5 mm was used to define a crack width beyond which no stress is transferred across the
crack. Further details on all material properties are provided in (Raoufi, 2007).

4 RESULTS AND DISCUSSION

The influence of the timing of saw-cut placement, ambient temperature, and saw-cut depth on the
stress development and the time of cracking of pavements are discussed in the following subsections.

4.1 The timing of saw-cut introduction

Depending on the time of saw-cut placement in concrete pavements, the placement of saw-cut can
lead to either stable or unstable cracking. In stable cracking, crack propagates over time when stress
level in pavements is still increasing. In contrast, unstable cracking occurs as soon as the saw-cut
is placed.

To assess how the timing of a saw-cut influences the stress development and cracking in concrete
pavements, two computer simulations of pavements were performed with the same saw-cut depth of
D/3. The saw-cuts were placed at 6 hours and 30 hours to illustrate the influence of an early saw-cut
and a late saw-cut on the stress development and cracking behavior of pavements, respectively. A
constant ambient temperature of 23◦C was also defined over the surface of the pavement in this
simulation, and the maximum principal stress development and cracking in the pavements were
monitored. The placement of a saw-cut creates a weakened plane that reduces the stresses at which
a pavement cracks. Further, as the saw-cut depth increases, the stress levels at which pavements
crack decreases (Raoufi et al., 2008).

Figure 2 illustrates the maximum principal stress contour plots around the saw-cut location in
pavements. Figures 2aI, 2aII, and 2aIII represent the maximum principal stress distributions in the
pavement with a saw-cut placed at 6 hours at selected times: 12 hours (the end of stress-free period),
20 hours (2 hours before through cracking occurs), and 22.2 hours (when through cracking occurs).
As shown in Figure 2aI, the stress level in the first 12 hours is close to zero; however, crack starts
to localize at the tip of the saw-cut at 14 hours. The crack begins to propagate in a stable fashion,
and reaches the bottom of the pavement at 22.2 hours.

Figures 2bI, 2bII, and 2bIII illustrate the stress contours at 12 hours (the end of stress-free period),
28 hours (2 hours before through cracking occurs), and 30.2 hours (when through cracking occurs)
for the pavement with D/3 saw-cut depth, which was placed at 30 hours (when through cracking
occurs).

Figure 2c illustrates the average stress (far-field stress, throughout the depth in a standard section
of pavements) with different times of saw-cut placement. It is observed that pavements with saw-
cuts that are placed at any ages before 18 hours (in this case) have a similar stress development
and cracking behavior. The placement of a saw-cut at ages greater than 24 hours (when average
stress level in the pavement is higher than the failure stress of the sawed pavement) would result in
a brittle unstable instant failure as shown by the vertical lines in Figure 2c.

As shown in Figure 2c and later in Figure 3, when the saw-cut is placed at 6 hours, the crack
localizes at 14 hours and through cracking occurs in a stable fashion between 14 and 22 hours as the
stress level increases. However, the average section stress of the pavement when sawed at 30 hours
rises to a stress level that is significantly higher than the failure stress of the sawed pavement with
a saw-cut. Therefore, the crack initiates, localizes and propagates instantly upon the placement of
the saw-cut at 30 hours. This would be seen in practice in conditions when saw-cutting crews report
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Figure 2. The maximum principal stress (in MPa) contour plots of pavements with: (a) saw-cut placed at 6
hours, and (b) saw-cut placed at 30 hours, and (c) average section stress of pavements with different times of
saw-cut placement.

“chasing a crack” across a pavement as the saw-cut is introduced. This shows that the saw-cut does
not “control” the cracking properly, rather the saw-cut has been placed too late.

The influence of the timing of the saw-cut on the stress development and cracking behavior of
pavements can also be explained by Figure 3. Figure 3 illustrates the age at which tensile stresses
develop (average section tensile stress level exceeds zero) in the pavements, the age at which
cracking initiates at the tip of the saw-cut (local stress less than 1 mm from the tip of the saw-cut
exceeds the tensile strength), the age at which cracking begins to propagate unstably (the crack
grows while the average section stress level decreases), and the age at which the crack reaches the
bottom of the pavement for pavements sawed at different ages. It is seen that average section stress
(i.e., far field stress) develops at the same time irrespective of the timing of saw-cut. The age of
crack initiation is independent from the timing of saw-cut until 14 hours (f-or this case). After 14
hours, the crack begins to initiate as soon as the saw-cut is placed. When the saw-cut is placed
at ages greater than 22 hours, the crack initiates and propagates instantly. Therefore, a saw-cut
needs to be placed before 22 hours, which is the end of saw-cutting time window, to avoid unstable
cracking or “chase cracking”. The point identified as no saw-cut in Figure 3 indicates the time at
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Figure 3. The stress development and cracking behavior of pavements at 23◦C with D/3 saw-cut depths
introduced at different times.
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Figure 4. The cracking and stress behavior of pavements with a saw-cut depth of D/3 cured at different
ambient temperatures.

which a pavement would fail or crack if no saw-cut were applied in the field. It should be noted
that depending on the saw-cut depth, the saw-cutting time window can increase or decrease as it
will discussed in more detail in section 4.3.

4.2 The influence of ambient temperature on the time of cracking

Any changes in environmental conditions such as ambient temperature and relative humidity can
create a complex stress behavior in concrete pavements especially at early ages (Zollinger et al.,
1994). In this discussion, only the effect of constant ambient temperature on the time of stress
development and crack development of concrete pavements is discussed. However, other cases
including various periodical ambient temperature functions have also been considered (Raoufi,
2007). It should be noted that FEMMASSE can consider any ambient temperature conditions that
are of interest.

Figure 4 shows the influence of constant ambient temperature on the maturity at which the
stresses begin to build up and cracking occurs in the pavements. All pavements were sawed with
a D/3 saw-cut depth right after casting. The maturity of pavements was determined based on the
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Figure 5. The stress development and cracking behavior of pavements with saw-cut depth of D/3.

Arrhenius method at a distance of D/3 from the surface of the pavement. It was noticed that at higher
ambient temperatures, the rate of heat loss from the pavement decreases considerably at early ages,
the concrete matures at higher rates, and pavements experience a greater thermal expansion. The
greater thermal expansion tends to compensate for the shrinkage induced stresses to some degree.
This reduction in the average section tensile stress development at high temperatures would result
in a delay in the cracking of concrete pavements in terms of maturity times. It should, however, be
noted that the cracking in fact occurs earlier in real time.

At higher ambient temperatures, cement hydration reactions take place faster, and subsequently
the rate of shrinkage in concrete increases. Consequently, a higher rate of shrinkage would result
in earlier tensile stress development. This rapid stress development combined with a reduced time
for stress relaxation accelerates the stress and cracking development in terms of real time hours.
This is more explicitly shown in Figure 5. This figure is similar to Figure 4; however, it shows the
real time of stress development and cracking of the same pavements shown in Figure 4. As shown
in Figure 5, the real times at which the residual tensile stresses develop, the cracking initiates
and unstable cracking and through cracking occur decrease sharply as the ambient temperature
increases. Based on the results presented in Figures 4 and 5, it can be concluded that although
curing at high ambient temperatures delays cracking of concrete in terms of maturity hours, the
real time of stress development and cracking of concrete pavements in fact decreases considerably
at high temperatures.

4.3 Depth of saw-cut

To assess how saw-cut depth influences the stress development and cracking behavior of pavements,
computer simulations of a pavement with different saw-cut depths were performed. Figure 6 shows
the maximum principal stress distributions close to saw-cut locations of pavements with different
saw-cut depths at 22 hours. For the purpose of comparison, a stress contour plot of an uncut
pavement is also shown. While the maximum stress level in the uncut pavement is about half of
the tensile strength of the pavements (i.e., 1.5 MPa) at 22 hours, through cracking has occurred
in the pavements with D/2 and D/3 saw-cut depths, and cracking in the pavement with D/4 has
just started. The fracture process zone has not yet fully developed in pavements with D/6 and D/8
saw-cut depths, and higher stress levels are still needed to initiate and grow cracking in pavements
with D/6 and D/8 saw-cut depths. The high stress levels in pavements sawed with shallow saw-
cuts would also increase the potential for random cracking and micro-cracking development in
pavements, which can reduce the long-term performance of concrete pavements (Yang, 2005,
Weiss, 2002).
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Figure 6. Maximum principal stress (in MPa) distributions in pavements with D/2, D/3, D/4, D/6, D/8 and
no saw-cut shown at 22 hours after the time of casting.
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Figure 7. The cracking behavior of pavements with different saw-cut depths at 23◦C.

To further quantify the effect of saw-cut depth on the age of stress development and through
cracking, a series of similar concrete pavements with various saw-cut depths were modeled. The
pavements were cured at 23◦C, and the stress development and cracking behavior of pavements
were examined as summarized in Figure 8. Figure 8 shows how the depth of saw-cut influences
the ages at which residual stresses develop, the ages at which cracking initiates and the ages at
which through cracking occurs in PCCP. As one may expect, the age of the average section stress
development remains independent of the depth of a saw-cut; however, the age of the crack initiation
at the tip of the saw-cut and crack propagation increases as the depth of saw-cut decreases. This
implies that deeper saw-cuts have shorter saw-cutting time window in the life of a pavement than
shallow ones, and higher levels of average tensile stress (i.e. energy) are needed before cracking can
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occur in pavements sawed with shallow saw-cuts. It should be noted, however, that when variability
is considered, the impact of saw-cut depth is greatly reduced (Raoufi, 2007, Raoufi et el., 2008).

5 CONCLUSION

This paper introduces the use of finite element software to assess the influence of the timing of
saw-cut and saw-cut depth on the cracking behavior of concrete pavements, considering various
environmental conditions. The stress development and cracking behavior of pavements cut with
saw-cuts at different ages were illustrated and explained. The approach presented in this paper can
be used to develop scientifically based algorithms that can be directly implemented into commercial
computer programs to predict the time of saw-cutting.

It was shown that the age of cracking of pavements is independent from the timing of saw-cut
until a sufficient tensile stress develops in the pavement. An unstable crack can develop on placing
a saw-cut well before tensile strength is reached. An algorithm that considers stress development
should be used as defined in Raoufi et al. (2008).

Although higher ambient temperatures result in higher thermal expansion, and delays cracking
in terms of maturity hours, it leads to shorter saw-cutting time window in terms of real time hours.
This is due to higher rates of autogenous shrinkage and less time for stress relaxation at higher
temperatures.

Finite element modeling of the concrete pavements sawed with different saw-cut depths shows
that the saw-cut depth influences the age of crack initiation and propagation. It was also shown that
in cases where the joints are sawed with saw-cuts shallower than D/4 saw-cut depths, the average
stress levels in pavements can rise to more than 50% of the tensile strength which may lead to
micro-cracking development and potential reduction in pavements’ long-term performance. It was
also shown that the age of cracking also increases as saw-cut depth decreases. This implies that
saw-cutting time window is shorter for deeper saw-cuts (e.g. deeper than D/4 saw-cut depth), and
they need to be placed much earlier in the life of a pavement than shallower saw-cuts.
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Moisture warping in slabs on grade
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ABSTRACT: Curling and warping are slab deformations that cause deviations from its original
surface as a result of differences in temperature and moisture, respectively, between slab top and
bottom. The upward curled/warped slab condition can change the failure mode from bottom-up
to top-down mid-slab cracking. This study is a first step in investigating shrinkage-related slab
warping with the presence of drying shrinkage at the top surface combined with wetting at the
bottom surface. A laboratory study is currently carried out on concrete beams. The results show
that substantial warping develops if slab bottom is in continuous contact with water. Finite Element
(FE) analysis suggests that warping is the dominant factor in slab uplift. Internal curing using
lightweight fine aggregate (LWFA) is found to be effective in reducing moisture warping.

1 INTRODUCTION

The slab’s shape is constantly adapting to the thermal and moisture gradient changes within its
cross section. This causes slabs to curl downward when the top surface is warmer than the bottom
surface, while an upward curl results when the top of the slab is cooler/drier than the bottom. The
upward-curled slab condition will cause significant portions of the slab in the vicinity of joints
unsupported. Joint loading under such conditions can increase total stresses in the mid-slab region
and adversely affect the long-term service life of a concrete pavement (Poblete et al. 1990, Darter
et al. 1995, Khazanovich et al. 2000, Hansen et al. 2002).

The major objective of this paper is to determine if internal curing is effective in reducing
uplift from a differential autogenous moisture gradient. New results are presented on autogenous
deformation and moisture warping for highway concrete (w/c > 0.40) with and without partial
replacement of sand by lightweight fine aggregate (LWFA).

2 TOP-DOWN MIDSLAB CRACKING IN TWO JPCP PROJECTS IN MICHIGAN

Premature top-down mid-slab transverse cracking has been found for two highway projects located
in southeastern Michigan (Hansen et al. 2002).

The rapid cracking development in this case, as shown in Figure 1, can not be predicted using
existing models that are based on bottom-up cracking.

Surface elevation measurements of the uncracked slabs were conducted along the outer edge for
west-bound (WB) I-96 on warm sunny days in June and July. Slabs were found to be in a permanent
upward-curled condition with joint uplift varying from 2 to 4 mm (0.08 to 0.16 in.) as illustrated
in Figure 2. Considering that field measurements were obtained on hot sunny days and this project
was constructed during fall temperature conditions, these uplift results preclude daily curl and
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Figure 1. Development of top-down transverse mid-slab cracking for two JPCP projects in Michigan.

2 - 4mm

Figure 2. 3-D illustration of mid-slab joint uplift for JPCP project as predicted using EverFE 2.24 (Davids
2003).

built-in curl from a temperature gradient. Thus, the most likely cause for the permanent uplift
is moisture warping (Hansen & Wei 2008). Beckemeyer et al. (2002) concluded that premature
top-down mid-slab cracking of a JPCP project in Pennsylvania was thermal and shrinkage-related.

A total equivalent linear temperature difference (TELTD) between slab top and bottom was
found to range from −28◦C to −47◦C (−50◦F to −85◦F). These values were obtained by matching
the edge uplift from surface profiles with predicted uplift using ISLAB2000 (Khazanovich et al.
2000). The concept of TELTD is described in detail by Rao & Roesler (2005).

3 AUTOGENOUS DEFORMATION IN HIGHWAY CONCRETE

Autogenous deformation, a uniform volumetric reduction, is a result of cement hydration and self-
desiccation of pores within the hydrating cement paste. As long as no external water is added to the
system, autogenous shrinkage is a uniform deformation and no moisture gradient results. With the
increase of cement hydration, capillary pores depercolate which has been found to affect transport
property in concrete (Powers et al. 1959, Bentz 2006). If water is available at one of the free surface,
moisture gradient and thus warping can develop in a concrete slab due to the fact that capillary
moisture transport is hindered within a certain depth from the moistured surface.

Autogenous shrinkage is well known pronounced in low w/c ratio cementitious system (Jensen &
Hansen 1996). However, for highway concrete typically with moderate and high w/c ratio (greater
than 0.4) limited data on autogenous shrinkage were found in literature.

In this study, the autogenous shrinkage was conducted on Ordinary Portland cement paste and
concrete with w/c ratio of 0.45 using linear measuring equipment (Schleibinger 1999). The speci-
men, with a cross section of 60 mm by 100 mm and length of 1000 mm, was sealed using a plastic
wrap right after casting to prevent external drying. External restraint was overcomed by placing
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Figure 3. Autogenous deformation for (a) cement paste and concrete, w/c = 0.45, and (b) the effect of LWFA
on autogenous shrinkage of concrete with 57% aggregate content, w/c = 0.45.

a soft, flexible, 2 mm-thick foam rubber between the mold and the sealed specimen. The curing
temperature was maintained at 23◦C by circulating constant-temperature water through the chan-
nels built-into the sides and bottom of the mold. One end of the specimen was fixed to the mold
and the other end was free to move horizontally. The free end had an LVDT attached for measur-
ing linear autogenous deformation. This measurement was initiated after final set. Two replicate
specimens were tested.

The measured autogenous deformation is shown in Figure 3a. Substantial autogenous shrinkage is
observed in cement paste and it decreases with the increase of aggregate content due to the internal
restraint from non-shrinking aggregate particles (Pickett 1956). There is expansion followed by
shrinkage within the first 1–2 days which has been reported by other investigators (Baroghel-
Bouny 1996, Toma et al. 1999). It was suggested that a likely cause for the early expansion is
ettringite formation (Bjontegaard 1999).

The pre-soaked LWFA, a type of sand-size expanded shale lightweight aggregate, is found to be
effective in eliminating autogenous shrinkage by replacing 20% sand by volume for the w/c = 0.45
concrete with 57% aggregate content as shown in Figure 3b. This type of LWFA has a bulk specific
gravity of 1.8 and water content of 15% by weight obtained in a 24-hour pre-soaked condition.

4 BEAM UPLIFT FROM MOISTURE WARPING

Since autogenous shrinkage, also known as self-desiccation shrinkage, can develop in w/c = 0.45
concrete, it is expected that moisture warping will occur in a concrete slab with w/c of 0.45 if its
bottom is exposured to wetting.

To quantify the magnitude of moisture warping, tests were conducted on concrete beams using
a modified test procedure based on the work by Springenschmid & Plannerer (2001). The test
can determine warping of a concrete beam from simultaneous drying at the top and wetting at the
bottom. As shown in Figure 4, beam length was 2.3 m (7.5 ft) which is half of the JPCP slab length.
The beam cross section was 0.2 m (8 in.) in height and 0.15 m (5.9 in.) in width. One end of the
beam was fixed to the supporting steel I-beam and the other end was free to lift up. A dial-gauge
was used to record the amount of warping at the free end over time. To facilitate a through-thickness
moisture gradient the top surface was exposured to the environment and the bottom surface was
either in contact with water or sealed using water-proof paint dependent on the moisture conditions
desired. All the other four sides were sealed. A typical highway concrete with w/c = 0.45 was
used throughout. The entire set up was placed in an environmental chamber maintained at constant
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Figure 5. Measured beam warping over time, w/c = 0.45.

relative humidity (50%) and temperature (23◦C/73◦F). Measurements were initiated after 7 days of
sealed curing. Two beams were measured for each moisture condition and the amounts of warping
over time are plotted in Figure 5.

Results presented in Figure 5 demonstrate that exposure to water at the bottom creates an internal
moisture gradient. The moisture gradient at the slab bottom is a result of differential autogenous
moisture gradient due to limited moisture transport property within the discontinued pore struc-
ture. Moisture gradient at the beam top from drying shrinkage alone is less severe. These results
demonstrate that continued moisture contact at the slab bottom is the cause for excessive corner
uplift in highway pavements and floors on grade.

It is concluded from the results shown in Figure 6 that 20% sand replacement by volume with
LWFA is effective in controlling self-desiccation in sealed concrete with w/c = 0.45. A 75% reduc-
tion in moisture warping is found after one month exposure to 50% relative humidity at the top
and wetting at bottom. According to Weber & Reinhardt (1995), water movement from LWFA to
the hydrating cement paste will stop when the relative humidity in the pores of LWFA is equivalent
to that in cement paste. This may decrease the effectiveness of LWFA in reducing the moisture
gradient associated with drying shrinkage.
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Figure 7. Predicted warping using MLS software for (a) different environmental RH conditions, and (b) the
corresponding ELTD predicted using ISLAB software, w/c = 0.45.

5 MOISTURE WARPING MODELING

A 2-D FE software MLS, a product of FEMMASSE (MLS 2003), is utilized to model the moisture
warping of a 250 mm-thick concrete slab exposured to simultaneous drying at top and wetting at
bottom. Details on modeling can be found in Hansen et al. (2008). Moisture warping predictions
for three different environmental conditions (RH = 70%, 50% and 30%) in Figure 7a suggest that
warping uplift is rapidly developing within 30–60 days of exposure time.

The back-calculated ELTD values using ILSAB 2000 are substantial (Fig 7b).

6 CONCLUSIONS

• Laboratory moisture warping results demonstrate that highway concrete is prone to major
moisture warping if exposed to simultaneous wetting at the bottom and drying at the top.

• Internal curing procedure by using pre-soaked lightweight fine aggregate is found to be effective
in reducing moisture warping.
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Cracking in concrete pavements – an interaction of various influences

R. Breitenbücher & C. Sievering
Ruhr-Universität Bochum, Bochum, Germany

ABSTRACT: In the last few years cracking in concrete pavements was observed in several high-
way sections in some regions of Germany. Within the scope of extensive investigations no definite
single cause of cracking has been observed in the majority of these cases. Therefore, the presented
research program mainly focuses on in-situ experimental studies on selected highway sections in
order to reveal which influences and interactions finally are responsible for such cracking.

Besides incremental load-induced stresses by increasing heavy traffic, especially load-
independent stresses due to hygral and thermal changes are of relevance within this scope. Several
investigations additionally substantiate reaction products of an alkali silica reaction (ASR). Because
of this multiplicity of potential causes for cracking it has not been definitely clarified up to now
to which extent especially the ASR is relevant for the cracking in concrete pavements. Rather it
seems that a superposition and/or interactions of different mechanisms are responsible.

1 INTRODUCTION

In current discussions cracking in concrete pavements often is associated with an alkali silica
reaction (ASR). However, even if relevant reaction products were detected in appropriate samples,
cracks result only in the rarest cases from an ASR solely. Rather it is assumed, that cracks were
caused by a superposition of several stress impacts. Beside restraint stresses due to disabled thermal
and hygral self-deformations, concrete pavements are also stressed by traffic loads.

However, the influence of the alkali silica reaction in concrete pavements cannot be neglected.
In such constructions especially the infiltration of alkalis from external sources is of a substantial
importance. Alkaline de-icing agents applied in the winter months penetrate more or less intensively
into the concrete structure, which lead to a continuous increase of the alkali potential. In case of high
traffic volume this penetration process is intensified by the following vehicles. The intrusion of the
alkalis furthermore is especially forwarded by already existent cracks. Due to these complicated
interactions in concrete pavements more extensive measures are necessary to avoid damaging alkali
silica reactions than in conventional concrete constructions.

2 CAUSES FOR PAVEMENT CRACKING

2.1 Impairment of durability due to cracks

The durability of concrete pavements is strongly impaired by cracks. Therefore a comparatively
high flexural strength of at least 5.5 N/mm2 is generally required in plain concrete slabs to minimize
the risk of cracking. Nevertheless cracking in concrete pavements cannot be avoided in general.
However, not each crack results in an impairment of the serviceability or a hazard. In this context
it should be considered that only 1 to 2 percent of the total 3,600 kilometres concrete pavements
are really damaged in Germany nationwide.
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Figure 1. Map cracking in a concrete pavement.
Figure 2. Transversal longitudinal cracks in a con-
crete pavement.

For the characterization of cracks in concrete pavements it must be differentiated between various
formations. In particular a differentiation between map cracking (Fig. 1) and clearly recognizable
transversal cracks (Fig. 2) is essential.

As long as the crack width remains sufficiently small the serviceability of the pavement is
not generally impaired. A critical stage has to be stated, when the edges of the cracks burst, in
particular in the surrounding area of joints, due to the over-rolling traffic. In this way the crack
widths is expanding continuously by themselves. If larger particles burst out, the following traffic
will be seriously endangered, which is absolutely out of question. By this the general conditions
of the concrete pavement will be drastically worsened; finally the pavement will be destructed
progressively.

In order to be able to define adequate technological measures for avoidance of such critical
cracking, the most relevant causes must be identified. In this context it has to be considered that
cracks in concrete pavements are raised in the rarest cases only by one cause, in the majority a
superposition or interactions between different mechanisms are responsible (Breitenbücher 2006b).

2.2 Restraint stresses

Due to the endless expansion in longitudinal direction, deformations in the pavements are practically
completely restrained. In the cases of non-load-induced deformations, e.g. due to thermal or hygral
changes, which extent over the complete cross-section, longitudinal restraint stresses are generated.
Although in transverse direction a movement is enabled to some extent, restraint stresses also cannot
be excluded completely in this case.

If a thermal or a hygral gradient yields over the slab thickness, – which is the standard case – the
slab would tend to bend. These deformations are restrained by the tie bars as well as by the dead
load of the slab to a large extent. In addition the slabs are pressed down by traffic. In consequence
appropriate bending stresses with the tensile zone on the “cold” and/or “dry” side are generated.

In reality a stochastical temperature or moisture distribution will be found in such a slab. So
finally between three types of stresses has to be differentiated (Fig. 3) (Springenschmid et al. 1993).
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Figure 3. Stresses and cracks in concrete pavements due to negative gradients of deformation
(Springenschmid et al. 1993).

While by the longitudinal restraint stresses cracks with approximately constant crack width
throughout the complete slab are formed. due to bending stresses cuneiform cracks with the opening
on the dry or cold side are raised.

Furthermore residual stresses are generated by a nonlinear deformation part (Fig. 3), which can
result in map cracking. Such cracks are formed only in the surface zone, characteristic for them is
a depth of only few millimeters.

2.3 Thermal stresses

In pavement slabs with thicknesses between about 25 to 30 cm the concrete can heat up during the
hydration within the first few hours already by 15 to 25 K. This temperature raise is unfavorably
affected by high temperatures, i.e. in summer, especially by a high fresh concrete temperature and
intensive sun exposure. In the following cooling phase already high tensile stresses are generated,
which can exceed the tensile strength of the concrete with the consequence of wild cracking
(Breitenbücher 2006b).

In order to avoid such an early uncontrolled cracking, early sawing of the joints is indispensable.
Nevertheless further bending stresses can be caused by the restraining tie bars.

Such thermal cracking is significantly affected by the fresh concrete temperature as well as by the
type and content of cement. Additionally low thermal coefficients of the aggregates are favorable,
not only at the early age, but also for the avoidance of cracking due to seasonal temperature changes
(Breitenbücher 1990).

2.4 Hygral raised stresses

In the same manner as restrained thermal deformations also restrained hygral deformations result in
appropriate restraint stresses (Grasley et al. 2006). Usually moisture changes take place only in the
surface zone of a concrete slab (Fleischer 1992). In the case of one-sided drying a stress distribution
is generated correlating with the moisture distribution and the hygral deformations resp. (Fig. 4a).
These stresses can be essentially divided in constant-, bending- and residual stresses as shown in
Figure 3.
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Figure 4. Effect of one sided drying on a) the stress distribution (Janssen 1987) b) the vertical deformation
(Foos 2005).

These bending stresses become extreme, if parallel to the drying at the surface a moisturisation
from the rear side takes place (Fig. 4b). Due to the collateral swelling at the rear side the warping
is increased significantly (Foos 2005). In the case of concrete pavements, where the slabs are
connected by dowels, also higher restrained stresses are connected with these effects.

Thus, stresses due to such restrained hygral deformations mainly can be minimized from the
constructive part by an effective drainage of the underground (Forsyth et al. 1987). Furthermore
shrinking and swelling of the concrete also can be minimized by adequate technological measures.
So, cements with low internal surface and low alkali content were found as favorable for prevention
of large hygral deformations (Fleischer 1992, Zhen & Zongjin 2005).

Apart from the gradual drying shrinkage cracks can also be generated already by an early drying
of the fresh concrete. In this case very fine mapped cracks result within the first few hours. Although
these cracks are only a few millimeters in depth, they can favor a later critical cracking as weak
points.

2.5 Impact of traffic on microcracking

Within a cause study of cracking in concrete pavements both load-independent influences (thermal
and hygral) as well as load-dependent influences (i.e. traffic) have to be considered. Even if the
permissible axle loads have not been significantly increased in the past decades in Germany, the
volume of the overall traffic and in particular of the heavy traffic has been drastically grown in
this period. Between 1970 and 2005 the transported cargo volume increased from 80 billion ton
kilometers up to 400 billion ton kilometers, i.e. by five times. Besides the static loads especially the
dynamic/cyclic loads can affect the microstructure of the concrete. In appropriate tests, in which
the behavior under cyclic loadings was investigated in general, it could be proved by a reduction
in the dynamic E-modulus, that already at upper stress levels between about 45 and 70% of the
concrete strength degradation processes take place in the microstructure far before fatigue failure
is exceeded (Fig. 5) (Breitenbücher et al. 2006a).

Corresponding with the decreasing stiffness an increment in deformations is associated. Such
changes in mechanical properties indicate that also in the microstructure alterations have been
proceeded. However, such degradations are the basis of microcracking by which the penetration of
moisture and other liquids into the concrete structure is improved to a large extent.

2.6 Expansion due to Alkali-Silica-Reaction

In the well-known alkali silica reaction amorphous silica (SiO2) reacts with alkali hydroxide ions
(NaOH, KOH), when simultaneously an appropriate amount of humidity is available. The reaction
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Figure 5. Decreasing stiffness of concrete under cyclic load (Breitenbücher et al. 2006a).

product is an alkali silica gel, which expands significantly due to absorption of water. This expansion
is restrained by the surrounding concrete. So an internal pressure is raised, which can amount up to
20 N/mm2 (Stark et al. 2001), which easily can exceed the tensile strength of the concrete with the
consequence of internal cracking. Cracks due to an ASR are usually map distributed and netlike.
They are not limited only to the visible surface area but extend over the complete concrete structure.

In the last few years cracking in concrete pavements often is associated with such alkali silica
reactions (ASR) (Breitenbücher 2006b). However, even if relevant ASR-products are detected in
appropriate samples, cracks result only in the rarest cases from that solely. In this context it has
to be considered, that ASR is the only cracking cause, which can be identified later on by their
reaction products. Other stresses due to thermal and hygral influences do not leave their marks
afterwards. When on thin specimen sections alkali silica reaction products are detected, this proves
only, that an ASR has taken place. However, it cannot be quantified up to now, to which extent this
ASR has contributed to the crack-generation.

3 INVESTIGATIONS ON CRACKED PAVEMENTS BY ANALYSIS OF
CONSTRUCTION DOCUMENTS

Within the scope of extensive investigations highway sections (with and without cracking, map
cracking as well as longitudinal and transversal cracks) were selected for studies referring the
causes for the cracking. In order to quantify these cracks, typical characteristics, e.g. the average
quantity of cracks per slab, the average width of cracks per slab und the average cracking opening
area, which is defined by the product of the total crack length and width per slab were determined.

In addition to the evaluation of the crack formation all available construction documents, i.e. daily
construction records, reports on initial tests and quality control tests, weather records etc. were
compiled and evaluated. In this context also the temperatures at concrete casting were compiled
(Table 1).

In these analysis a significant influence of the temperature at concrete casting on the cracking
could be proved in general (Fig. 6). Except of two subsections (10-6 and 10-8), which will be
discussed below, it can be mentioned, that nearly no cracking was observed, when the temperature
at casting was below 15◦C to 20◦C. Exceeding this temperature range, i.e. concreting in the summer
season, cracking increases progressively.

The influence of the temperature at concrete casting becomes also obvious in Figure 7, where
the situation in two adjacent sections of another German highway is documented. In section 1,
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Table 1. Compilation of crack distribution and temperatures at concrete casting for 9 subsections of two
various highways.

Longitudinal und transverse cracking Map cracking

Average Average Average Average Average
quantity width area of crack width temperature
of cracks of cracks opening of cracks at concrete casting

Section – mm mm2 mm ◦C

9-1 5-6 0.40 11,000 0.30 23
9-2 1 0.10 500 0.10 3
9-3 1 0.15 750 0 14
10-2 5-6 0.20 5,650 0.20 26
10-5 4-5 0.20 5,050 0.45 20
10-6 6-9 0.30 – 0.65 14,300 0.55 15
10-8 3-4 0.25 4,500 0.10 10
10-11 0 0 0 0 8
10-12 6 0.20 6,600 0.10 26

Figure 6. Influence of the temperature at concrete casting on crack opening area.

which was concreted in summer at about 25◦C in most of the slabs, cracks have been formed.
By contrast in the about 4 km long section 2, in which concrete of the same mix was poured in
November/December at only about 5◦C to 8◦C, no cracks could be detected.

Thus the temperature at concrete casting can be stated as one of the main reasons for the cracking
in concrete pavements. However, the scatter in the relations in Fig. 6 also indicates that beside of
this thermal influence further parameters from the construction, execution and locality have to be
considered.

Beside the thermal influence on concrete cracking in pavements, special hygral conditions may
improve cracking as well. In particular one case (section 10-6, which shows a quite differing
behaviour in Figure 6) the water drainage/piping system in the surrounding fields was switched off
some years before. In consequence the ground water level raised up to the sub-base of the pavement,
which became obvious also by the reed growing next to the pavement (Fig. 8). So also the concrete
pavement became wet more and more from the bottom side, so that a moisture gradient develops,
which could result in more or less additional bending stresses (see 2.4). Furthermore a sub-base
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Figure 7. Crack formation and temperatures at concrete casting.

Figure 8. Reed beside the concrete pavement as consequence of ground-water-raising.

Table 2. Concrete mixtures of selected highway sections.

Cement
Alkali-content Reactive

Grade Content Na2Oeq. Total aggregate source

Section – kg/m3 % kg/m3

40-5, cracks observed PZ 35 F (OPC) 360 0.88 3.17 Greywacke
40-6, no cracks PZ 35 F (OPC) 340 0.73 2.48 Greywacke
40-7, no cracks CEM I 32,5 R 350 0.78 2.73 Greywacke

(OPC)

breakdown might also be responsible for the very extensive cracking, starting from the rear up to
the pavement-surface.

Beside the influence of these boundary conditions within the evaluation also the alkali content of
the cement could be proved as a further possible crack-inducing parameter. In three neighbouring
sections of a highway in principle the same concrete mixes were used. Only the cement source
differed in one case, which was linked with different alkali contents of the cement (Tab. 2).

In the two sections with cement containing only a moderate alkali content (sections 40-6 and
40-7, Tab. 2) no cracking could be observed. In these sections the Na2O-equivalents of the cements
used were below 0.80% by weight and the total alkali supply below 3.0 kg/m3. Because of these
low alkali contents both the deformations due to hygral changes as well as the risk of a damaging
ASR obviously could be kept below a critical stage.

In order to get more information on already occurredASR and on further potential for a damaging
ASR of the concrete used in the relevant sections cores with 150 mm diameter and full depth over the
concrete pavement were taken from selected highway sections. On these cores further laboratory
tests were performed.
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Figure 9. Voids and cracks in the matrix/aggregates filled with ASR products.

4 LABORATORY INVESTGATIONS

4.1 Petrographic scans

In order to identify ASR products, thin sections were taken from the cores for petrographic scans
before and after the following appropriateASR- tests (see 4.2). These thin sections were microscop-
ically investigated at the Finger-Institute for Building Materials Science Weimar and the Research
Institute of the German Cement Industry Düsseldorf, both act as partner within this project.

As a result of these scans three types of ASR-situations could be subdivided:

• Already in the sampling stage of the cores ASR products were detected, uniformly distributed
all over the complete concrete structure: In the microstructure a lot of cracks could be observed,
which were partially very wide. Cracks were observed also in the aggregates, independent
whether they were crushed coarse aggregates or naturally rounded sand particles (Fig. 9). Already
in this stage cracks and air voids were filled with unambiguous products of an ASR. After the
specific ASR-tests a further increase of the reaction products could be ascertained.

• ASR products were detectable only in the surface zone: The concrete structure showed a few
cracks in this area, which extended to a depth of about 3 to 4 cm. Small cracks were observed
also in the coarse gravel. Cracks and air voids were filled with reaction products in the majority
of these cases. Below a depth of approximately 7 cm only microcracks, but no ASR-products
could be observed in the sampling stage. However, after the specific ASR-tests reaction products
could be detected all over the complete concrete structure of the cores.

• Before as well after the ASR-tests no ASR products were detectable: only in some cases micro-
cracks were observed up to a depth of 5 cm, which were vertically oriented. These cracks were
found in the cementitious matrix as well as in the aggregates. Nevertheless, not any reaction
products of an ASR could be detected in these cores.

4.2 Specific ASR- Tests on Concrete Cores at 60◦C – with and without external
alkali impact

To determine the residual potential of ASR within the concrete specimens further ASR-specific
tests were performed on them. To obtain information as soon as possible, the tests were performed in
special climates at 60◦C to accelerate theASR. In this context also the influence of an external alkali
supply was considered. So for this purpose the cores were divided into two parts. One subspecimen
was stored constantly at 60◦C above water according to the “Alkali-Guideline (2006)” (DAfStB
2006), which is very similar to the “RILEM Recommended Test Method TC 191-ARP AAR-4”
(Rilem 2000). The other subspecimen was exposed to following cyclic procedure: 6 days above
water at 60◦C, 1 day at 20◦C, 5 days at 60◦C in a dry air and 2 days immerged in a sodium chloride
solution with a concentration of 0.6 mol/l. With this procedure the test specimens were loaded for
16 cycles. During the complete test phases the deformations of the specimens under both storing
conditions were determined.
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Figure 10. Expansion of drilled cores due to storage at 60◦C left: without external alkali supply right: with
external alkali supply.

Also when no ASR takes place deformations to some extent will occur in the samples only due
to thermal and hygral effects within the test procedure. In the tests without external alkali supply
these can lead to an expansion up to about 0.3 to 0.4 mm/m, in case of an external alkali supply
they can increase up to 0.5 mm/m. Thus, only deformations exceeding these values may be linked
with an ASR and can be considered within the evaluation.

In Figure 10 the results of the deformation measurements with (Fig. 10b) and without (Fig. 10a)
external alkali supply are documented.

The comparison of Figure 10a and Figure 10b demonstrates that the expansions increased sig-
nificantly when external alkali is supplied additionally. This has been known also from other
investigations (Stark et al. 2006). Furthermore it could be proved, that the degree of expansion
mainly is impacted by the degree of degradation/microcracking within the concrete microstruc-
ture. In samples taken from quite intensively cracked sections (sections 10-6 and 10-8, see Fig. 6)
the moisture and the external alkalis penetrated much deeper into the concrete and enforced by this
way an ASR much more intensive than in an uncracked concrete (section 10-11).

The concretes from the sections 10-6 and 10-11 had been produced with cement from the same
plant, i.e. also the same alkali content in the fresh concrete can be assumed as identical. Furthermore
also the aggregates derived from the same source, i.e. of the same reactivity (quartz porphyry). In
contrary for the production of the concrete in section 10-8 a cement of lower alkali content and
also another aggregate (greywacke) had been used. As in the concrete from section 10-8 the largest
expansion was determined in the ASR-tests, it can be deduced, that the greywacke-aggregates in
the this concrete is of some higher reactivity than the quartz porphyries in the other mix.

5 FINAL DISCUSSION AND CONCLUSION

Because of the multiplicity of potential causes for pavement cracking all possible influences have
to be considered in order to reveal the relevant causes. In the minority of the investigated sections
only one single reason could be found as responsible for the crack formation.

As presented in Figure 6, the temperature at concrete casting is of significant influence on
the initial cracking of concrete pavements. With increasing pouring temperature an increase of
the average area of crack opening could be observed in the majority of the investigated highway
sections. Additionally, specific hygral circumstances, i.e. a raised level of the ground water can
lead to large deformations, which generate primary cracks. As a result of the interpretation of
construction documents it can be assumed that the initial cracking in concrete pavements basically
is influenced to a larger extent by thermal and hygral circumstances than by ASR.
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If in a concrete pavement microcracks have been already formed, moisture as well as external
supplied alkalis easiliy can penetrate deep into the concrete microstructure. As documented in
Figure 10 in consequence such pre-existing degradations or damages play a decisive role for the
further development ofASR-expansions, provided that simultaneously adequate portions of reactive
aggregates are present in the concrete.

If the concrete has not been impaired in any way before, the impact of external alkalis plays only
a minor role for the further ASR-expansion. Thus the extent of premature degradations, e.g. raised
by thermal/hygral effects or traffic loads, proved to be the most important impact for the formation
of an ASR in concrete pavements in cases of external alkali supply. In contrast the alkali content
of the cement used seems to be secondary in this case.
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Consequences of fracture mechanics for size effect, crack spacing
and crack width in concrete pavements

C.G. Hoover & Z.P. Bažant
Northwestern University, Evanston, Illinois, USA

ABSTRACT: The ASTM standard C 78 for determining the modulus of rupture fr (or flexural
strength) provides a constant value of a measure of tensile strength which is currently used for
designing pavements of all thicknesses, as well as concrete structural members, of all sizes. How-
ever, accumulated test data on fr , as well as analytical studies and numerical simulations, clearly
indicate that fr is not constant but significantly decreases as the structure size increases. This evi-
dence of size effect has so far been ignored. The consequence for thick pavements is increased
cracking and thus poorer durability and serviceability, and for large structures even a significant
increase of failure probability. The size dependence determined from test data follows a simple
equation, which represents a gradual transition between a deterministic (energetic) size effect
caused by stress redistribution at small sizes, and the power-law size effect of the classical Weibull
statistical theory of strength, which is approached for large sizes. The transition is explained and
modeled by the non-local Weibull theory. In this paper, modifications to the current standards that
incorporate a simple procedure to obtain the size dependence fr are proposed. Furthermore, the
cohesive fracture mechanics, which is a more fundamental way to predict the effect of pavement
thickness, resting on a given subsoil, is described. The energy release calculated according to
cohesive fracture mechanics is shown to give the initial crack spacing, which may later increase
due to instability of interacting parallel cracks. This is and important design consideration, since
crack spacing controls the crack opening, and thus the ingress of water and corrosive agents, as
well as transmission of shear stresses. Discussion and examples are limited to the formation of sec-
ondary cracks in between stress-relieving notches. This summary paper presents a general apercu
of the problem, explains the fracture mechanics approach, and concludes by comparisons with
test data.

1 INTRODUCTION

The flexural strength of concrete beams, known also as the modulus of rupture fr , has long been
studied experimentally (Lindner and Sprague 1956; Nielsen 1954; Reagel and Willis 1931; Rocco
1995, 1997; Rokugo et al. 1995; Sabnis and Mirza 1979; Walker and Bloem 1957; Wright 1952;
Koide, Akita, and Tomon 1998, 2000), numerically (Hillerborg, Modeer, and Petersson 1976;
Petersson 1981) and analytically (Zhu 1990, Bazant and Li 1995; Bazant and Planas 1998). Perhaps
the most important results of these studies is the fact that fr of concrete significantly decreases as
the structure size increases. This phenomenon, called the size effect, can compromise the safety of
structures designed on the basis fr . It has been shown that ignorance of size effect must have been
one of the factors that led, e.g., to catastrophic collapse of the NewYork State Thruway Bridge over
Schoharie Creek, and the tragic failures of Malpasset arch dam over the Reyran River and of the
St. Francis Dam in the Los Angeles aqueduct system. In the case of pavements, it has doubtless
increased the frequency of excessive cracking of thick unreinforced pavements, thus reducing their
durability. This phenomenon, however, is not reflected in the current ASTM testing standards.
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The theoretical basis of the proposed size effect is the energy release aspect of cohesive fracture
mechanics. The energy release is what governs the initial crack spacing, which is what governs
the crack spacing, which in turn controls the crack opening, and thus the ingress of water and
corrosive agents as well as transmission of shear stresses by aggregate interlock. Thus an explanation
of how the energy release relates to crack initiation is needed. A brief description is presented.

2 CRACK INITIATION, AS IT RELATED TO CONCRETE PAVEMENTS

According to Hong et al. (1997) the service life of asphalt concrete pavements as well as Portland
Cement concrete pavements is often determined by cracking, caused primarily by temperature
and humidity changes. In concrete structures, the spacing of parallel cracks is an important factor
mainly because it determines the crack width (Bažant and Cedolin 1991). Therefore, it is important
to understand the parameters governing crack initiation, as well as how to calculate initial crack
spacing. The process of initial crack formation consists of a transition from the pre-initiation state,
at which the strength criterion is satisfied, to the post-initiation state, where Griffith’s criterion of
crack propagation is satisfied. This transition is governed by three main conditions for cohesive
crack initiation from smooth surface, as discussed by Li and Bažant (1994), as summarized below.

First, the strength criterion can indicate whether cracks can start at a smooth surface. This
is achieved when the tensile stresses that develop in the pavement, most commonly caused by
shrinkage and thermal loading, reach the tensile strength of the pavement material. However,
neither the strength criterion nor linear elastic fracture mechanics (LEFM) can be used at crack
initiation to determine whether or not cracks of finite length can form and what their spacing would
be. This is because LEFM considers only the condition of growth of existing cracks, and the energy
release rate equals zero for a zero crack length. Therefore, additional conditions for crack initiation
are required.

A second condition for crack initiation is that the energy release rate of the structure after the
initial cracks form must be equal to the fracture energy of the pavement material in the post-initiation
state. The third and final condition states that during the formation of new cracks, the total energy
needed to form new crack surfaces, which is αGf for each crack, must be equal to the energy
released by the structure; here α = crack depth, and Gf = fracture energy of the material. This was
proposed by Bažant and Ohtsubo (1977), later discussed by Bažant and Cedolin (1991), and used
for crack spacing analyzed in a containment vessel by Bažant et al. (2003). Under the assumption
that cracks of a certain finite length form suddenly over their entire length, these authors proposed
that the total energy release rate from crack initiation, due to drying shrinkage stresses (or cooling
stresses) in an isotropic elastic half space, is not zero but finite. By setting this energy equal to the
energy required to create cracks, these authors derived the following equation (which was shown
to yield realistic predictions of the spacing of thermal cracks in granite):

Here ϕ = creep coefficient; s = crack spacing; ε0
s = free shrinkage (or thermal strain) at half-space

surface: λ = penetration depth of drying or cooling; ν = Poisson ratio; α = crack length; r = a
constant between 0 and 1, probably close to 1; E =Young’s modulus.

Equation (1) provides a relationship between the fracture energy and the initial crack spacing.
During the subsequent crack growth, some cracks may close and the spacing of open cracks will
then change, as decided by stability criteria of the crack system (Bažant and Ohtsubo 1977, Bažant
et al. 1979, and Bažant and Cedolin 1991). For simplicity, consider a two-dimensional problem of
a homogeneous isotropic elastic half space where a random crack pattern is replaced by a system
of parallel cracks, normal to the surface and spaced at a statistically averaged spacing s, caused by
cooling or drying shrinkage (see figure 1). Assume also that at an initial state, all crack are equal
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Figure 1. System of Parallel cracks in a half-space. (After Bažant, Ohtsubo, and Aoh, 1979.)

in length (α1 = α2) and growing, i.e., critical (K1 = Kc), where Kc is fracture toughness and Ki is
the mode 1 stress intensity factor for the ith crack.

Now, consider the possibility that every other crack extends by δα2 while the remaining cracks
remain stationary (δα1 = 0). The instability mode at critical state consists of a sudden advance of
every other crack by δα2 > 0, occurring at δα1 = 0 and at a constant λ, which indicates no change in
the distribution of relative humidity in the pores of concrete (or temperature distribution) within the
half-space. This represents a critical state, or bifurcation of the equilibrium path. It was discovered,
using finite element calculations, that K1 decreases after the critical state, which indicates that
system of equally long parallel cracks is loosing its stability, while K2 remains equal to Kc.

After bifurcation, cracks α2 grow stably as the cooling front advances, (K2 = Kc), while cracks
α1 are arrested (α1 = const.) and are closing while their K1 decreases. Eventually, K1 becomes zero
and, as the cooling front advances further, cracks α1 begin to close. The solution now becomes
equivalent to that at the start—a system of equally long cracks of length α2, but the spacing has
now doubled to 2s.

This type of bifurcation will continue to repeat itself, as can be seen in figure 1. The significance
of this type of behavior is that the crack opening δc at the crack mouth is approximately δc = ε0s0,
where s0 is the spacing of the open cracks. If the relative humidity at halfspace surface is h, the
free shrinkage strain is ε0 = k δw, where k = constant and δw is the specific water loss of concrete
corresponding to the relative humidity drop at surface (in the case of cooling at halfspace surface
from temperature T0 to temperature T1, the free thermal strain produced is ε0 = α(T0 − T1), where
α = coefficient of thermal expansion).

So, the crack width increases as the crack spacing increases. This is an important design con-
sideration for concrete pavements because, unlike narrow cracks, wide cracks conduct moisture
much faster and are not bridged to transmit shear or tensile stresses by aggregate interlock. Wide
cracks also allow easier inflow of corrosive agents, which becomes an important consideration for
concrete pavements when one considers freeze-thaw damage.

3 SIZE EFFECT PROBLEMS IN CONCRETE PAVEMENTS

The size effect is not negligible. To be specific, see the collection in figure 2 of ten test series by
different authors, with a range of specimen sizes commonly used in practice. In this collection, an
increase of the beam depth from 75 mm to 1 m, a range that encompasses typical sizes for concrete
pavement slabs, causes the flexural strength to drop, on average, by a factor of 1.25. Then, consider
the results from specimens tested by Rocco (1995, 1997) and by Lindner and Sprague (1956),
figure 3a and 3b. Here the strength drops the factor of 1.33 and 1.58, respectively, for specimens in
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Figure 2. Existing test data from ten investigators on modulus of rupture fr versus beam size (depth) D.
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Figure 3. Dependence of modulus of rupture fr on beam size measured by (a) Rocco, (b) Lindner & Sprague.

the same range. The test methods currently used for determining the modulus of rupture, outlined
in standards C 78 – 02 and C 293 – 02, utilize specimens of one size only. They do not provide an
experimental basis for determining the dependence of modulus of rupture on the specimen size.
Without such a procedure, the size effect cannot be taken into account.

From the viewpoint of design safety and durability, there are only two options. First, insert into
the current ASTM standards C78 and C 293 a restriction that the measured value of fr can be
used only for calculating the load capacity of unreinforced beams, slabs or walls whose depth or
thickness is close to the specimen depth used in C78 (perhaps 4 to 9 inches). Or, add to C78 and
C 293 a section specifying how fr must be adjusted for size effect if it is used in load capacity
calculations of beams, slabs and walls of arbitrary dimensions. Option 1 would reduce the scope of
applicability of the current standards, however it acknowledges the existence of size effect, and aims
to alleviate misuse of the calculated result. A more useful solution is option two. Bažant and Novák
(2000 and 2001) proposed two simple experimental and mathematical procedures for calculating
the modulus of rupture for any specimen size. The theory accounts for both the deterministic-
energetic size effect and the classical Weibull-type statistical size effect, which is approached for
very large structures. An overview of their procedure is presented next.
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4 ASTM FORMULA FOR MODULUS OF RUPTURE

The concept of modulus of rupture is based on elastic beam theory. For an unreinforced beam of
rectangular cross section, the modulus of rupture is defined to as to coincide with the maximum
tensile stress in the beam:

where Mu = ultimate bending moment; D = characteristic size of the specimen, often equal to the
depth or height; and b = specimen width. If the concrete would remain linearly elastic up to the
peak load, the strength values obtained from flexural tests and direct tensile tests would be equal to
each other. However, except for the asymptotic case of an infinitely large beam, the whole section
of a concrete beam does not remain elastic up to the maximum load. Thus, fr represents only the
nominal strength σN, which is a parameter of the maximum load.

The maximum load of plain concrete beams occurs before a continuous crack localizes, but only
after a large boundary layer of distributed cracking of a certain critical thickness develops at the
tensile face of the beam. The cracking in the boundary layer, representing the fracture process zone
of fixed thickness, causes energy release and stress redistribution throughout the cross section. For
beams of different sizes made of the same concrete, the thickness of this layer, governed by the
maximum size of aggregates, is independent with specimen size. The formation of this fracture
process zone is the main reason why the direct tensile strength differs from the modulus of rupture.
Since, in a deeper beam, the cracking layer occupies a smaller percentage of the cross section, there
is less stress redistribution. Thus the nominal strength decreases with increasing beam depth.

5 IMPLEMENTATION OF SIZE EFFECT LAW INTO ASTM STANDARDS

The cause of the size effect on the modulus of rupture, and generally the size effect for all failures
occurring at crack initiation from a smooth surface, is primarily deterministic. However, for very
large size specimens, an additional cause is statistical, stemming from the randomness of local
material strength as captured by Weibull’s (1939) classical theory. Bažant and Novák (2000c) have
shown that the modulus of rupture follows the energetic-statistical size effect trend law:

where f 0
r and Db are constants to be identified, r is a constant, n is the number of dimensions

in geometric similarity (either 2 or 3) and m is the Weibull Modulus. Bažant and Novák (2000c)
showed that the values m = 24, r = 1.14 and n = 2 are acceptable for all concretes, on the average.
Therefore, equation (3) reduces to:

Or, approximately:

The only two unknown parameters, which need to be identified by tests, are f 0
r and Db.
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Bažant and Novák (2001) proposed two testing methods to be implemented into the current
ASTM Standards for determining the size dependence of fr . Based on this work, and some valuable
comments received from individuals in industry, a simple mathematical procedure is proposed to
be included in sub-section 8, “Calculation”.

Bažant and Novák (2001) showed that parameter Db can be approximated as follows:

Here, l0 is the characteristic length of concrete. Normally, it is not known. However, l0 can be
roughly taken as

Or approximated as two times the maximum coarse aggregate diameter. Once Db is known, f 0
r is

then calculated by:

where D1 = depth of standard test specimen, which is 6 inches; f 1
r = modulus of rupture, calculated

using equations currently in the testing standard. Once Db and f 0
r are known, they can be substituted

into equation (5) to determine the size dependence on fr .

6 NUMERICAL EXAMPLES

The specified procedure will now be applied to two sets of published experimental data on three-
point bending. The first represents high quality data for beams of five different sizes spanning a
wide size range. The first data set reports the specimen dimensions in metric units. For illustrative
purposes, the size closest to the standard 6 in. depth will be used. Therefore, assume that the test
result for the modulus of rupture for size D1 = 148.1 mm and da = 5 mm yielded f 1

r = 5.12 MPa.
Using the outlined procedure, and equation (7) for l0, f 0

r = 7.67 MPa and Db = 2.05 mm. The
resulting size dependence of the modulus of rupture according to the size effect law equation (3)
is plotted in figure 3a.

The second example uses test data with much greater scatter (figure 3b). For the values
da = 25.4 mm, D1 = 152.4 mm, f 1

r = 4.53 MPa, and using equation (7) for l0, the following val-
ues are obtained: f 0

r = 3.984 MPa and Db = 36.2 mm. Using these values in the size effect law
equation (5) leads to figure 3b. Also shown in both figures is the case where data for all the sizes
was used to identify the material parameters. For this purpose, the Levenberg-Marquardt nonlinear
optimization algorithm had to be used.

From the diagrams it is clear that the size effect plot obtained from tests of only one size differs
little from the plot obtained by nonlinear fitting of equation 3 using all the sizes. Figure 4 shows
illustrative figures of these procedures generated using a spread-sheet program.

7 SUMMARY AND CONCLUSIONS

1. The available experimental evidence clearly indicates that the modulus of rupture of unreinforced
concrete specimens decreases with increasing specimen depth (size). Ignoring this fact was likely
one of the causes of some tragic failures. In pavements resting on the ground, the size effect, of
course, does not kill, however it has doubtless increased the frequency of excessive cracking of
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Figure 4. Figures from spread sheet program using fitted data from a) Rocco, b) Lindner & Sprague.

unreinforced pavements and thus reduced their durability. The current ASTM standards do not
provide an experimental procedure for determining this size dependence of fr .

2. The theoretical basis of the proposed size effect is the energy release aspect of cohesive fracture
mechanics. The energy release is what governs the initial crack spacing, which is what governs
the crack spacing, which in turn controls the crack opening. The spacing and opening can then
be further influenced by instabilities of a system of parallel cracks caused by drying shrinkage
or cooling.

3. A revised, simplified method for determining the size dependence of fr is proposed. This method
is illustrated by examples from existing published data sets.
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ABSTRACT: This paper reviews the occurrence of cracking in newly constructed jointed plain
concrete pavements (JPCP) in two Midwestern states in the USA during the 2005 construction
season. A project in North Dakota and another in Oklahoma developed cracking during construc-
tion. In both cases, the cracking was attributed to restrained movement. An immediate assessment
was made of the cause of the cracking and remediation measures were recommended. Presented in
this paper is a discussion of the factors that can contribute to early age cracking and the cracking
mechanism, as well as the steps that can be taken to avoid such cracking.

Various factors can affect the risk of early-age cracking, including material properties of concrete,
environmental conditions during construction, pavement design, and slab-base interface conditions.
The available methods of evaluating the risk of early-age cracking are discussed. Recognizing
the high-risk conditions for early-age cracking is essential to avoid such cracking. The general
conditions that present high-risk conditions for early-age cracking are summarized. Also discussed
are mitigation and correction of early-age cracking.

1 INTRODUCTION

Uncontrolled, early-age cracking sometimes occurs in jointed plain concrete pavements (JPCP),
despite normally adequate design, construction, and jointing practice (1). However, invariably, the
cracking is a result of some combination of the risk factors at work, and upon close inspection,
the cause of cracking can usually be identified. Various factors can affect the risk of early-age
cracking, including paved width, joint spacing, slab thickness, interface friction, modulus of
subgrade reaction, temperature and moisture conditions during construction, and concrete modulus
of elasticity, as well as strength. Comprehensive analytical procedures are available that are capable
of evaluating the interactions of the key factors and assess the risk of cracking. These tools are
helpful in identifying the high-risk conditions for early-age cracking. The key to minimizing the
occurrences of the undesirable, early-age cracking lies in recognizing and avoiding the high-risk
designs and conditions that can lead to cracking.

The cracking is a concern if it has the potential to deteriorate and pose serviceability or structural
problem, or both. The impact of cracking depends on the type of cracking, climate, traffic, and
pavement design. In some cases, the cracks may have no significant effect, while some cracks
are not tolerable on a newly constructed pavement. The treatment selection for early-age cracking
should be made with the best long-term pavement performance in mind. This is a separate issue from
determining who should pay for the repairs, or whether the contractor deserves a full pay. Ideally,
the pavement after the repairs should provide the same level of performance over the design period
as the intact pavement. At the very least, the selected treatment should be the best performance
option under the circumstances.
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This paper focuses on two very specific types of early-age cracking: 1) those related to base
restraint and curling/warping stresses, and 2) those caused by edge restraint. A case example of
each type of cracking is provided. Presented are discussions on the causes of cracking, evaluation
methods, treatment options, and recommendations on how to minimize the occurrence of early-age,
random cracking.

2 CAUSES OF EARLY-AGE CRACKING

Concrete pavements crack when the tensile stresses within the concrete exceed the strength. After
placement, both strength and restraint stresses develop in concrete. The restraint stresses are a
result of volume changes of concrete associated with the hydration process, as well as the changes
in the temperature and moisture exposure conditions. The exposure conditions during paving, such
as temperature, wind speed, humidity, and sunlight, affect the rate of hydration and amount of
moisture loss from concrete, which in turn affects the amount of autogenous shrinkage of concrete.
The volume changes corresponding to the changes in concrete temperature since hardening can be
significant. The uniform volume change induces direct tensile stresses in the pavement slabs.

Adding to the horizontal restraint stresses are those resulting from the resistance to slab curling
and warping. The pavement slabs can be exposed to significant temperature and moisture gradi-
ents, depending on the temperature and moisture exposure conditions. Temperature and moisture
gradients would cause the slabs to curl or warp, if unrestrained; however, the self-weight of the slab
resists the curling and warping to produce bending stresses, which can be very high, depending on
the exposure conditions. Whereas the volume changes of concrete is responsible for both types of
cracking considered in this paper, the curling and warping stresses only affect the first type, the
type related to sawcut timing.

The restraints to concrete volume change and slab curling or warping can cause transverse,
longitudinal, or erratic (Figure 1) cracking. The potential for this type of cracking diminishes once
the sawcuts are made to relieve the restraint stresses. However, if several adverse factors are at
work in concert, it may not be possible to saw early enough to prevent cracking. Figure 2 illustrates
the window of opportunity of joint sawing (2). In general, the sawcuts should be made as soon
as the concrete can be sawed without raveling. The end of sawing window is when the restraint
stresses equal the concrete strength. If the sawcut is not made by the end of sawing window, random
cracking will occur. Adverse factors reduce the window of sawing opportunity. In extreme cases,
it may not be feasible to accomplish all the sawing before cracking occurs. The factors that affect
the available time for joint sawing include the following (3, 4):

• Weather condition – temperature and moisture conditions; night-time temperature drop or
temperature drop due to rain or sudden passing of a cold front.

• Construction practice – timing of joint sawing and curing practice.

Figure 1. Illustration of erratic cracking (1).
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• Structural constraints – interface friction between concrete slab and underlying layer; bonding
between a stabilized base and the slab, especially localized bonding; paved width.

• Properties of concrete – PCC modulus and strength gain properties, coefficient of thermal
expansion, and shrinkage characteristics.

Figure 3 shows the characteristic pattern of edge-restraint cracking. The principal factor affecting
the risk of edge-restraint cracking is the temperature conditions at which the lanes constructed at
different times are poured. For highway pavements, this type of cracking can occur if the tied
concrete shoulders are paved at a significantly lower temperature than the temperatures at the time
of mainline paving.

Figure 2. Joint sawing window of opportunity (2).

Figure 3. Characteristic pattern of edge-restraint cracking.
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3 ASSESSMENT

3.1 Base-restraint cracking

The risk of cracking due to base-restraint and curling or warping can be evaluated using HIPER-
PAV (5). HIPERPAV is comprehensive software developed by the Federal Highway Administration
(FHWA) for evaluating the risk of early age cracking. The software models the strength and stress
development in concrete pavement at early ages (within the first 72 hours) to evaluate the risk of
early-age cracking. The program calculates the overall, time-dependent stresses that develop in
the pavement and models the PCC strength development, considering pavement design, PCC mix
design, environmental, and construction factors. The cracking potential is then checked by com-
paring the level of total stress and the concrete strength throughout the analysis period. Following
a similar approach, Lim and Tayabji (3) developed charts that can be used to evaluate the risk of
early-age longitudinal cracking.

The evaluation of the risk of random cracking due to high base-restraint and curling or warping
stresses involve assessment of complex interactions of numerous factors that are difficult to predict
or quantify. For example, the stresses involved in the development of the cracking, as well as the
PCC strength development, are highly sensitive to the temperature and moisture conditions during
concrete placement and during the early ages of concrete. For accurate modeling of restraint stress
and PCC strength development at early ages, the ability to accurately model heat flow through the
pavement structure is needed, in addition to the ability to predict the precise exposure conditions.
The pavement structure itself can be highly variable, which is often a significant contributing factor
to the restraint cracking. The variability in the pavement structure due to random, localized bonding
with a stabilized base, or infiltration of fresh concrete into the base is difficult to predict or quantify.
Thus, the best use of the available analysis tools may be for identifying the high-risk conditions,
rather than for precise modeling at the individual project level. However, if random cracking does
occur during paving, HIPERPAV can be a valuable tool for identifying the cause.

3.2 Edge-restraint cracking

Tayabji and Lotfi (6) showed that the risk of edge-restraint cracking can be evaluated using the
structural model shown in figure 4. If the tied concrete shoulders are placed at a much lower temper-
ature than the mainline paving, the shoulder joints close fully well ahead of the mainline joints when
exposed to a high temperature. Once the shoulder joints close, any further closing of the mainline
joints is restrained by the shoulder. The restraint imposed by the tied shoulders can be modeled by
introducing fixed regions over the outer portions of the transverse edges, as shown in figure 4.

Figure 4. Structural model for analyzing the effects of edge restraint (7).
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The effects of constant temperature increase on the structural model shown in figure 4 can
be evaluated using a finite element program. The results of such analyses show that significant
tensile stresses develop close to the pavement edge at the transverse edges. The stresses are directly
proportional to the difference in the temperature at placement of the mainline and shoulder concrete,
and if the temperature difference is large enough cracking can result. The risk of this type of cracking
can be minimized or eliminated by limiting the allowable difference in ambient temperature at the
time of placement of concrete for the tied lanes placed at different times.

4 CASE EXAMPLES

4.1 North Dakota (I-94)

Early-age cracking was experienced during the reconstruction of a section of I-94 in 2005. The
cracking was predominantly longitudinal, but transverse cracking and corner breaks also occurred.
Typical cracks are shown in figures 5 and 6. The pavement is a 229-mm (9-in) JPCP constructed on
a 102-mm (4-in) cement-treated permeable base and 102-mm (4-in) aggregate subbase. Random
joint spacing was used with a maximum panel length of 4.6-m (15-ft). The project was 16.1 km
(10 mi), but the cracking occurred only on 1 day’s paving in 2 areas totaling less than 800 m (0.5 mi).

The cause of cracking was not conclusively determined in this case; however, both the weather
conditions at the time of paving and penetration of fresh concrete into the highly permeable, cement-
stabilized base were identified as the significant factors. In general, the cracking experienced on
I-94 is characteristic of the base-restraint cracking. Given the limited extent of the cracking problem,
it is very likely that the weather conditions during paving did play a significant role.

The use of a highly permeable, stabilized base can significantly increase the risk of base-restraint
cracking. The penetration of fresh concrete into the base not only has the effect of bonding the
PCC surface to the base to restrain the movement of the PCC surface, the incidence also effectively
increases the slab thickness, leaving the possibility of the saw-cut depth being inadequate. Localized

Figure 5. Early-age, longitudinal cracking on I-94, North Dakota.
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Figure 6. Cracking along a transverse sawcut on I-94, North Dakota.

bonding with the base is always a risk, if no measures are taken to separate a cement-stabilized base
and PCC surface. The bonding and penetration of fresh concrete into the base is almost a certainty
when a highly permeable base is used. The recommended practice today is to use either an asphalt
layer or geotextile as the separator layer, when a cement-stabilized base is used. In Germany, the
use of a geotextile interlayer is considered an essential design detail to prevent the bonding between
the PCC surface and cement-treated base (8). The risk of base-restraint cracking can be drastically
minimized by using a positive measure to separate the PCC surface from a cement-treated base,
especially if the base is highly permeable.

The treatment selection for early-age cracking should be made with the best long-term pavement
performance in mind. To this end, North Dakota specified the following:

• Cross stitch all longitudinal cracks.
• Retrofit dowel bars on all transverse cracks that have cracked through both lanes and are at least

1.4 m (4.5 ft) away from the sawed joints.
• Full-depth repair transverse cracks that are located within 1.4 m (4.5 ft) of a transverse joint, or

the cracks that occurred in only one lane.

The above is a reasonable approach to ensure good long-term pavement performance. Full-depth
repairs or slab replacements are not necessarily the best repair alternatives for cracked slabs, because
they will not necessarily provide better long-term performance than the less intrusive alternatives
the North Dakota DOT implemented.

4.2 Oklahoma (I-35)

The cracking that occurred on I-35 in Oklahoma in 2005 is an example of edge-restraint cracking.
The cracking pattern is similar to that shown in figure 3. The pavement was constructed as an
overlay over the existing asphalt concrete (AC) pavement. The overlay is 267 mm (10.5 in) thick,
and the transverse joints were sawed at 4.6 m (15 ft) spacing. The mainline pavement consisting
of two 3.7-m (12-ft) lanes tied at the center was placed first. Later, a 3.0-m (10-ft) outside and
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Figure 7. Longitudinal cracking on I-35, Oklahoma.

1.2-m (4-ft) inside tied concrete shoulders were added. The cracking initiated at the transverse
joints and propagated diagonally inward at approximately 30 degree angle, as shown in figure 7.

The DOT investigations into the cause of cracking identified the edge-restraint as the most
probable cause of the cracking. The analysis results showed that a temperature difference of 11 to
17◦C (20 to 30◦F) between the temperatures at the time of paving of the mainline and tied concrete
shoulders would have been sufficient to initiate cracking in the mainline, if the shoulders were
placed at the lower temperature. The cracking mechanism is explained in Section 3.2 above. As a
result, Oklahoma DOT placed the following restrictions on the paving temperatures:

• Tied concrete shoulders may be placed at equal or greater ambient air temperature than that at
the time of mainline paving.

• The ambient air temperature at the time of tied concrete shoulder placement may be no less than
11◦C (20◦F) below that at the time of mainline paving.

The cracked slabs were either full-depth repaired or replaced, depending on the extent of cracking.
Since the cracking goes across the slab, the removal and replacement of the affected area may be
the only feasible repairs. Under heavy traffic, cracks will deteriorate over time, and there are no
other effective means of repairing the cracks of this type.

5 MITIGATION OF EARLY-AGE CRACKING

The uncontrolled, early-age cracking is a result of complex interactions of many factors related to
the climatic conditions, construction practices, structural constraints, and the properties of concrete.
The best way to avoid early-age cracking is to avoid high-risk designs and paving conditions, and
following the recommended construction practices. The high-risk conditions include the following:

• High friction base – on a cement-stabilized or lean-concrete base use an AC layer or geotextile
to prevent bonding. This is especially important if a cement-treated permeable base is used to
prevent penetration of fresh concrete into the base.
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• Excessive joint spacing – use a shorter joint spacing (e.g., 4.5 m [15 ft] or less) to minimize the
risk of edge-restraint cracking.

• High ambient temperature – the risk of restraint cracking is higher when paving under very hot
conditions. Consider night time paving. If paving under very hot conditions cannot be avoided
follow the guidelines for hot weather concrete placement, such as those provided in ACI 305 or
reference 9.

• Low ambient temperature – make sure the difference in ambient temperature between the time of
mainline paving and the shoulder placement is within the allowable range to avoid edge-restraint
cracking.

Proper curing is also extremely important to prevent excessive warping and plastic shrinkage
cracking, especially in hot, dry areas.

The awareness of the risks is important to avoid early-age cracking, even if the risk is low. If the
high-risk conditions cannot be avoided, be sure to identify the risks involved and monitor the critical
items, which may include ambient temperature, concrete temperature, and concrete strength. The
risk of early-age, restraint cracking can be assessed using HIPERPAVE.

6 REPAIR OPTIONS

As mentioned earlier, the treatment selection for early-age cracking should be made with the best
long-term pavement performance in mind. The repair options for cracked slabs include dowel-bar
retrofit and full-depth repair for transverse cracks and cross stitching, slot stitching, and full-
depth repair for longitudinal cracks. Ideally, the pavement after the repairs should provide the best
performance under the circumstances. The repairs implemented by the DOTs in the case examples
cited in this paper are reasonable approaches to dealing with cracked slabs. In general, any structural
cracks on heavily trafficked roadways will deteriorate over time, and no cracks on new pavements
should be left untreated, if it has the potential to deteriorate. The only exception may be transverse
cracks on non-dowelled JPCP.

7 CONCLUSIONS

Uncontrolled, early-age cracking sometimes occurs in JPCP, despite normally adequate design,
construction, and jointing practice. However, invariably, the cracking is a result of some combi-
nation of the risk factors at work, and upon close inspection, the cause of cracking can usually be
identified. This paper focused on two very specific types of early-age cracking: (1) those related to
base restraint and curling/warping stresses, and (2) those caused by edge restraint. The cause and
mitigation of each type of cracking are discussed, and case examples are provided. Comprehensive
analytical procedures are available that are capable of evaluating the interactions of the key factors
and assess the risk of cracking. However, early-age cracking is a result of complex interactions of
numerous factors that are difficult to predict or quantify, and accurate predictions may not always
be feasible. The best way to avoid early-age cracking is to avoid high-risk designs and paving
conditions, and following the recommended construction practices. If random cracking does occur
during paving, HIPERPAV can be a valuable tool for identifying the cause.
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ABSTRACT: With the adoption of the new mechanistic-empirical pavement design method and
the employment of axle load spectra, the question of evaluating the pavement damage resulting
from different axle and truck configurations has become more relevant. In particular, the state of
Michigan is unique in permitting several heavy truck axle configurations that are composed of up
to 11 axles, sometimes with as many as 8 axles within one axle group. Thus, there is a need to
identify the relative pavement fatigue damage resulting from these multiple axle trucks.

In this paper, the fatigue life of a typical plain concrete mixture under different truck axle
configurations was determined directly from a cyclic four point beam test by using load pulses that
are equivalent to the passage of an entire axle group. The S-N curves were determined for each axle
configuration from the cyclic beam tests. The laboratory investigation indicates that the fatigue
damage due to different axle configurations increases with increasing number of axles within an
axle group for a given stress ratio. However, the results also indicate that for the multiple axles, the
damage per axle is less than the single axle for the same stress ratio. Additionally, the results show
that the axle factors for multiple axles tend to increase as the stress ratio decreases.

1 INTRODUCTION

The most current concrete pavement thickness design is based on mechanistic-empirical procedures
(NCHRP 1-37A, 2004). Mechanistic methods are used to compute the primary slab responses such
as stress, strain and deflection due to the load induced by the passage of an axle group or a truck.
Empirical transfer functions are then used for relating pavement response to the number of allowable
load repetitions to failure. Thus, mechanistic models are calibrated with empirical performance data
since slab performance over time cannot be modeled accurately using only mechanistic methods.
The performance criteria in the case of rigid pavements include fatigue cracking, joint deterioration
(pumping or faulting), joint spalling, and serviceability. With the adoption of the new mechanistic-
empirical pavement design method and the employment of axle load spectra, the question of
evaluating the pavement damage resulting from different axle and truck configurations has become
more relevant. In particular, the state of Michigan is unique in permitting several heavy truck axle
configurations that are composed of up to 11 axles, sometimes with as many as 8 axles within one
axle group. Thus, there is a need to identify the relative pavement fatigue damage resulting from
these multiple axle trucks.

Transfer functions are developed in the laboratory under more controlled conditions (materials,
environment and loads) in order to study a specific behavior; however, it is essential to calibrate
these lab-based models to field conditions. While fatigue cracking phenomenon in rigid pavement
slabs has been studied by many researchers in the laboratory, many questions remain unanswered,
mainly because of the complex interactions between the factors affecting fatigue cracking. Also,
most researchers studying the effect of concrete fatigue have used primarily constant amplitude
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pulses in their testing. Many flexural fatigue tests conducted in the laboratory were based on using
a sinusoidal or a constant amplitude haversine pulse to simulate a moving wheel load [Hilsdorf and
Kesler (1966), Darter (1971), Roesler (1988)]. However, under multiple axle loading, the pulse
shapes do not have uniform amplitudes. Thus, in order to accurately assess the damage induced
onto the pavement due to these multiple axles, a more thorough investigation of these non-uniform
amplitudes is required. Oh (1991) investigated the fatigue behavior of concrete under varying
amplitudes of cyclic loading. He found that concrete fatigue failure was greatly affected by the
magnitude and sequence of the applied variable load cycles, and Miner’s linear theory led to some
errors in fatigue failure prediction of concrete materials.

2 MECHANISTIC ANALYSIS

2.1 Finite element modeling

In this study, the DYNASLAB program (Chatti, 1993) was used in the mechanistic analysis to
calculate the dynamic longitudinal stress-time response under different axle configurations at mid-
slab. The finite element program is similar to ILLI-SLAB (Tabatabaie and Barenberg, 1978),
with the main difference being the ability to calculate the dynamic response of different axle
configurations under moving loads. The axle spacing was determined from actual traffic data from
a Michigan DOT WIM station. A total of 65,535 records were analyzed to determine the most
common axle spacing. The results from the WIM data for the eight axle configuration is shown in
Figure 1. The most frequent range for the eight axle configuration was between 107 and 112 cm.

A wheel spacing of 107 cm was used to calculate the longitudinal stresses in DYNASLAB for
the eight axle as well as for the smaller axle configurations (tandem, tridem, quad, six). This was
done to isolate the effects (neglecting possible differences in spacing within different axle groups)
caused solely by the addition or subtraction of wheels within an axle group (at that exact spacing)
and the subsequent change in interaction. Additionally, each of the axle types was simulated at a
speed of 50 kph.

2.2 Critical location within the slab

In the dynamic analysis, a typical 254-mm slab with a joint spacing of 4.6 m and a 3.6 m lane width
was used. The foundation was assumed to be a Winkler foundation with a coefficient of subgrade

Figure 1. Axle spacing frequency at one WIM station in Michigan.
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reaction of 42.86 × 103 kN/m3. The critical location was located 70 cm from the edge at mid-slab,
keeping in consideration the wander effects. The stress histories due to the passage of various axle
configurations were determined at the critical location of the slab.

However, it is worth mentioning that the critical location of the slab may change as a result
of slab curling induced by a temperature gradient and through a change in axle spacing (Roesler
2005). These effects, however, were not accounted for in the dynamic analysis. They were not
considered because focus was placed on the relative effects caused by the interaction within the axle
configuration (with equal spacing and equal load), as stated above. Six different axle configurations
were considered: single, tandem, tridem, quad, six and eight axles (see Table 1).

Each axle type had an identical load per axle of 58 kN. As shown in Figure 2(a), as the number of
axles increases, the overall peak stress within the pulse decreases. This is caused by the compressive
stress region. The accumulation of compressive stress due to all the interacting axles within an axle
group will decrease the tensile stress and therefore decrease the overall peak stress. Figure 2(b)

Table 1. Axle configurations used in the analysis.
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Figure 2. (a) Longitudinal stress pulses under varying axle configurations (DYNASLAB); (b) Peak stress
under multiple axles expressed as a percentage of stress caused by a single axle.
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illustrates the reduction of peak stress as a result of longitudinal stress interaction under multiple
axles.

Under the six and eight axle configurations, the compressive stress is so significant that it
causes the stress to fully reverse within the pulse (see Figure 2(a)). Thus, there is a need to not only
understand the effects of varying amplitude, but also the effects of stress reversal. Unfortunately,
in this research, the focus was placed primarily on the tensile stress region because of difficulty in
running cyclic loading with stress-reversal. Given this limitation, it should still be noted that stress
reversal does appear to shorten the fatigue life of the concrete (Zhang 1996). Therefore, the results,
however beneficial, are not absolute and must not be considered as such.

3 EXPERIMENTAL DESIGN

3.1 Mix Design

A typical Michigan DOT concrete mix-Grade P1 was used for the experiment. The mixture consisted
of Type IA cement, 2NS fine aggregate and 6AA coarse aggregate. Tables 2, 3, and 4 show the
details of the mix design.

3.2 Flexural Fatigue Testing

In the laboratory, 150 standard 100 × 100 × 600 mm beams were cast. These specimens were
subjected to cyclic loading in uniaxial (flexural) four point bending. The series of cyclic fatigue
tests was conducted using different multiple load pulses. The experiment included single, tandem,
tridem, quad, six and eight axles. The load pulses were determined by DYNASLAB as stated in
section 2.1. Table 5 shows the testing matrix. Beams were kept in a curing room over the entire life
(until testing). The flexural strength gain was monitored over time.

Table 2. In-situ properties.

Slump 75 mm

Concrete unit weight 2274.62 kg/m3

Air content 6.5%

Table 3. PCC mix design.

Material Class: Source SSD Weight (kg/m3) Yield, m3

Cement ASTM C-150 Type I: Essroc 334.61 0.0799
Fine aggregate 2NS: Builders Aggregates (#34–86) 756.43 0.213
Coarse aggregate 6AA: MLO LS(#71-3) 1020.43 0.301
Water 151.87 0.114
Air content 6.5% 0.049

Total 0.7569

Table 4. Admixtures.

Admixtures added:

ASTM C-494A Water Reducer Type A MB 200 N 0.085 kg/c
ASTM C-260 Air Entrainer MB Microair 0.034 kg/c

Desired Plastic Concrete Properties
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The stress ratios were calculated at periodic times throughout the experiment as the ratios of the
largest peak within a given pulse over the flexural strength at the time of testing. Modulus of rupture
(MOR) tests were conducted at 3, 7, and 28 days. Two additional MOR tests were conducted one
day prior to the actual fatigue testing and one day after the fatigue testing had concluded. This was
done in order to give the research team an accurate assessment of the concrete strength just prior
and immediately after the fatigue testing. This allowed the variation of strength over time to be
monitored. Thus, if the strength continued to increase over time, the stress ratios could be adjusted
accordingly. Both Table 6 and Figure 3 show the results from the MOR testing. The fatigue testing
began 234 days and ended 292 days after casting.

Figure 4 illustrates for a tridem axle the transition from the stress pulse obtained using
DYNASLAB (see Figure 2) to the load pulse input into the MTS testing software and the out-
put pulse from the MTS machine. Note that the stress reversal (compression) was not included
in the beam load pulse because of difficulty in running cyclic loading with stress-reversal. Addi-
tionally, no rest period was prescribed between cycles for two reasons: 1) the elastic behavior of
concrete (time independent) and (2) laboratory testing time constraints. Additionally, the literature
shows that effect of sustained loading is not significant below a stress ratio of 75% (Zhang 1996).
Thus, no rest period was applied.

4 RESULTS

4.1 Univariate regression analysis

All 126 beams were tested and their corresponding test results analyzed. The fatigue test for each
axle configuration ran until the complete failure of the beam; i.e., until the middle portion of the

Table 5. Test matrix.

Number of replicates

Axle type

Stress ratio Single Tandem Tridem Quad Six Eight Total

0.9 5 – – – – – 5
0.85 – 5 5 5 6 6 27
0.8 5 7 – – – – 12
0.75 – – 6 4 6 5 21
0.67 4 4 4 4 4 4 24
0.59 – 5 5 – – – 10
0.52 4 – 5 6 4 4 23
0.46 – – – – – 4 4

Sum 18 21 25 19 20 23 126

Table 6. MOR test results at four different ages after casting.

3 days 7 days 28 days 234 days 292 days

Stress (KPa) Stress (KPa) Stress (KPa) Stress (KPa) Stress (KPa)
MOR 3458 4387 4951 4421 5572

3693 4728 – 4969 4093
– – – 5631 5574
– – – 5345 5822
– – – 5118 5615
– – – 5116 5233

Average 3575 4558 4951 5100 5318
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Figure 3. Average MOR at four different ages after casting.

Figure 4. Example for generating an MTS load pulse for tridem axle.

beam is completely fractured. The S-N curves for single, tandem, tridem, quad, six and eight axles
are shown in Figure 5. At first glance, the slopes of the S-N curves for each axle type appear to
be different from one another, with six and eight axles having the steepest slopes. However, after
a statistical analysis of the regression models was completed, it was determined that the slopes for
the given axles are not significantly different from each other. This is caused by the large error
within each of the models. Table 7 shows the detailed regression analysis for each of the axle types.
The last two columns of Table 7 show the upper and lower 95 percent confidence limits of the
slope. For each axle type, the upper and lower confidence limits intersect one another, thus making
the difference in the slope values statistically insignificant. This means that the slopes for each
axle type are essentially the same. Thus, the data from different axle types can be combined and
interpreted using a multiple linear regression.

4.1.1 Comparison to previous research
The single axle regression line was compared to the regression lines from previous fatigue experi-
ments to see if similar results were produced. The regression line produced from the current research
shows a reasonably similar trend to those from other experiments, as shown in Figure 6.

4.1.2 Axle factors
The number of cycles to failure (Nf ) was calculated using the individual regression equation
corresponding to each axle configuration. Axle factors (AF) were then calculated for each axle
configuration in order to quantify the relative damage between the different configurations. For
example, the tandem axle factors were calculated by dividing the number of cycles to failure for
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Figure 5. Fatigue curves for various axle configurations.

Table 7. Results from regression analysis.

95% Slope 95% Slope
Lower Upper
confidence confidence

Axle type Regression equation DF R2 Type SE limit limit

Single Axle SR = −0.0416LogNf + 1.0733 16 0.86 Intercept 0.0370 0.9949 1.1518
Slope 0.0043 −0.0324 −0.0508

Tandem Axle SR = −0.0396LogNf + 1.0432 19 0.79 Intercept 0.04222 0.9548 1.1315
Slope 0.004882 −0.0293 −0.0498

Tridem Axle SR = −0.0363LogNf + 1.0290 23 0.76 Intercept 0.04343 0.9391 1.1188
Slope 0.004404 −0.0271 −0.0454

Quad Axle SR = −0.0353LogNf + 1.0028 17 0.67 Intercept 0.05719 0.8821 1.1234
Slope 0.006264 −0.0221 −0.0485

Six Axle SR = −0.0427LogNf + 1.0554 18 0.66 Intercept 0.06002 0.9293 1.1815
Slope 0.00751 −0.0270 −0.0585

Eight Axle SR = −0.0500LogNf + 1.0745 22 0.85 Intercept 0.03929 0.9930 1.1560
Slope 0.004619 −0.0404 −0.0596
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Figure 6. Comparison of S–N curve for single axles to previously published curves.

161



Axle

0.90.80.70.60.5
8

6

4

2

0

864321

8

6

4

2

0

SR

Axle

3
4
6
8

1
2

SR

0.7
0.8
0.9

0.5
0.6

Interaction Plot (data means) for AF

Figure 7. Interaction plot for axle factors with respect to axle configuration and stress ratio.

each single axle over the number of cycles to failure for a tandem axle.

Figure 7 shows the variation of the AF with respect to stress ratio and axle configuration.
The figure shows that the six- and eight-axle groups are behaving differently from the rest of

the axle configurations (The AF’s are greater). The preliminary results also show that as the stress
ratio increases, the axle factors tend to decrease for the larger axle groups. The effect of time
(longevity of the pulse) might have a greater effect on the fatigue life at lower stress levels, thus
increasing the axle factors. However, the trend is much weaker for the smaller axle groups, making
the observation tentative.

4.2 Multiple linear regression

A multiple linear regression analysis was also conducted to further investigate the behavior between
stress ratio and axle types in the hope that the model can provide a more conclusive answer than
the individual S-N curves. One of the advantages of using a multiple linear regression equation
is that all of the data from the experiments can be used at once, which subsequently increases the
degrees of freedom in the model, and ultimately decreases the margin of error.

Since axle type is not a continuous variable, a new variable needed to be created for the regression
analysis. A normalized stress impulse, SI, was used for this purpose. SI is a continuous quantity
that represents a specific axle type. The equation for SI is the following:

The impulse is the area under the stress pulse and the peak stress corresponds to the largest stress
within a given pulse. The SI quantity is constant for a given axle type, regardless of the applied
stress. Thus, it is a good indicator of axle type. Figure 8 shows the relationship between stress
impulse and the number of axles.
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Figure 8. Stress impulse vs. number of axles.

Table 8. Multiple linear regression analysis*.

Predictor Coefficient SE t p

Constant 21.222 1.112 19.08 0.000
SR −20.838 1.355 −15.38 0.000
SI −6.970 1.722 −4.05 0.000

Initial elastic modulus 1.84E-06 9.20E-07 2.01 0.047

∗R2 = 0.772, Adjusted R2 = 0.766.

Table 8 shows the output of the multiple linear regression analysis. The variables that were used
in the multiple linear regression were elastic modulus (stiffness), stress ratio, and SI.

The analysis shows that SI, SR, and initial elastic modulus are significant variables (p-value is
less than 0.05). The initial elastic modulus was calculated through beam theory using the initial
measured displacement over the first cycles of the fatigue test. As the stiffness increases, the life
of the beam also increases.

The coefficient of the SI variable is also negative. This means that as the number of axles
increases, the number of cycles to failure decreases, which is the expected result.

4.2.1 Axle factors
Axle factors were calculated similarly to the previous section although only one equation was
used; i.e., the equation obtained from the multiple linear regression (Table 8). Figure 9 shows
the relationship between axle factors and axle configuration for the same peak stress value and
accounting for the stress reduction caused by interaction within an axle group (Figure 2).

When the peak stress is the same for all axle groups, the axle factors increase as the number
of axles increases. The results are similar to that of the individual regression equations. The axle
factor for the eight-axle group is approximately 4.5, which suggests that it is 4.5 times as damaging
as the single axle. However, the effect of stress reduction is not present within this relationship.
If one takes into account the reduction in longitudinal stress caused by stress interaction under
multiple axles, as shown in Figure 2, the damage from multiple axles and the corresponding
axle factors become much smaller. Next we compare the AF value for tandem and tridem axles
with stress reduction from Figure 9 to those obtained from the PCA design manual. From the
design example provided in the manual for a 240 mm slab on an untreated base, the allowable
number of repetitions for a 232 kN tandem axle is 1.1 × 106, while that for a 116 kN single axle is
230,000. This leads to an axle factor for the tandem axle of 0.21 compared to 0.28 from Figure 9,
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Figure 9. Axle factors versus axle configuration for the same peak stress level.

suggesting that they are reasonably close. For the tridem axle, the example in Appendix C of
the PCA manual shows an unlimited number of allowable repetitions of a 240 kN tridem for the
same design. This agrees fairly well with the AF value of about 0.01 from Figure 9, which is
close to zero.

5 FUTURE RESEARCH

Additional fatigue testing will be conducted to further study the effect of axle configuration.
Cylindrical briquettes in split tensile fatigue, rather than concrete beams, will be tested in an
attempt to decrease the variability within the data. Over 100 cylinders were cast and will be tested
over the next few months. The analysis will also include the effect of slab curling when applying
the mechanistic-empirical principles.

6 CONCLUSION

Fatigue testing of plain concrete beams subjected to various types of axle pulses was conducted for
the purpose of determining the effect of axle type on concrete fatigue. Despite the variability in the
concrete fatigue test results, which is common for plain portland cement concrete, the data analysis
showed that for the same peak stress level, multiple axles are more damaging than single axles.
However, if one takes into account the longitudinal stress reduction that occurs due to interaction
effects within a multiple axle group, the damage from multiple axles and the corresponding axle
factors will be much smaller. Further testing is needed to fully assess the damage caused by these
multiple axles. Also, the effect that slab curling may have on the stresses caused by multiple axle
groups needs to be evaluated.
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ABSTRACT: Ultra-Thin Whitetopping is a pavement rehabilitation technique that involves the
placement of a thin Portland Cement Concrete overlay 50 mm to 100 mm thick, over a distressed Hot
MixAsphalt pavement. This study evaluated different factors that influence the distress development
in UTW pavements. Three different test areas were constructed in an accelerated pavement testing
facility. The results indicated that debonding does occur prior to cracking. The structural properties
of the pavement section did have an effect on the observed distresses at the end of the APT loading
period. In general, the stiffer sections developed less distress than the more flexible sections. The
evaluation of the influence of mixture composition indicated that the mix with fibers may delay
cracking even in the presence of debonding. With respect to the interfacial bond, lanes with a lower
degree of bonding typically exhibited higher amounts of distress than fully bonded lanes.

1 INTRODUCTION AND PROBLEM STATEMENT

Ultra-thin whitetopping (UTW) is a pavement rehabilitation technique that involves the placement
of a thin Portland Cement Concrete (PCC) overlay, 50 mm to 100 mm thick, over a distressed Hot
MixtureAsphalt (HMA) pavement. Typically, the HMA pavement is milled and cleaned which helps
to create a bond between the existing HMA pavement and the UTW overlay. The bond between
the two layers promotes composite action of the pavement section. This composite action allows
for the reduced thickness in the UTW layer. Additionally, a short joint spacing is typically used.
Previous research on UTW Mack et al. [1998] indicates that the short joint spacing in the UTW
causes the slab to deflect rather than bend which reduces the UTW stresses.

Traditionally UTW has been used to rehabilitate full depth HMA pavements. However, research
has noted the need to consider the use of UTW over composite pavements, Cable et al. [2001].
Additional research by Rajan and Olek [2001] indicates that performance of UTW may be different
when used as a rehabilitation technique for existing composite pavements than when used over an
HMA pavement. In the NCHRP report on the state of the practice of UTW, Rasmussen and Rozycki
[2004] described the common distresses observed in UTW pavements and proposed mechanisms
for their development. It was noted that one major factor influencing distress development was the
quality of the underlying layers. Sections constructed with HMA mixes that had a higher quality,
mixes that were more rut resistant, performed better. It is thus, hypothesized that the stiffness of all
layers underlying the UTW will affect the distress development whether the section is composed
of an existing HMA or composite section.

The Portland Cement Concrete Association (PCA) fatigue equations are employed in the PCA
UTW design methodology, Wu et al. [1998], to calculate the number of allowable load applications
at a given stress level. These equations are based on the stress to strength ratio, which is the ratio
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of the applied stress in the concrete to the strength of the concrete. As this ratio increases, the
number of load applications that can be applied at this level before failure decreases. However, if
the concrete strength is higher, the number of load applications it can withstand before cracking is
also high, even at a higher level of applied stress. In general, the concrete used in UTW applications
is a higher quality than that used in typical paving applications. Additionally, the addition of fibers
to the mix as well as high early strength concrete mixtures has been proposed to improve the
performance of the UTW. The literature is mixed as to the benefits of adding fibers. Additionally,
there has been little investigation into the use of high early strength mixtures. The effect of the
properties of these mixtures on the performance of the UTW is needed.

While it is generally agreed that the deterioration of the bond will cause the pavement to fail,
little investigation has been done into how this bond develops and how it degrades under loading.
Armaghani and Tu [1997] in their study of Florida UTW sections noted that when debonding of
the UTW layer occurs, cracking of the UTW layer soon follows. Addressing the development of
cracks in the UTW at MnROAD, Burnham [2005] also indicated that debonding occurred before
cracking in the UTW pavement. However, Rasmussen et al. [2002] in their review of the FHWA
ALF results proposed that corner cracking was due to the local densification of the HMA at the
corner location. The name given to this phenomenon was “virtual void”. As the UTW performance
is based on the composite action with the underlying HMA, when debonding of the UTW layer
occurs, the strains in the UTW layer would increase. It would thus be expected that the sections
with lower bond strengths (partially bonded or debonded conditions) would exhibit greater distress
than fully bonded sections.

To address these issues three different UTW pavement sections were constructed in an accelerated
pavement testing facility. These sections varied primarily in the design of their underlying pavement
layers. The UTW in TestArea 1 (TA1) was constructed over an existing composite pavement section
that consisted of HMA over a thick reinforced concrete slab. In Test Area 2 (TA2) the UTW was
placed over a more realistic composite section consisting of HMA over a thinner plain concrete
slab. Test Area 3 (TA3) was constructed with UTW over an existing HMA pavement (no underlying
concrete slab). TA1 had two test lanes while TA2 and TA3 had five test lanes. Individual test lanes
within TA2 and TA3 were constructed with one of four different concrete mix designs: MD-1 was
a base concrete mix; MD-2 was a high early strength mix; MD-3 was a fiber reinforced mix; and
MD-4 was a high early strength mix with fibers. TA2 and TA3 also had test lanes that varied by
the bond preparation done in the lanes. An overview of these test areas is contained in Figure 1.

2 ACCELERATED PAVEMENT TESTING FACILITY

Testing was conducted at the Indiana Department of Transportation (INDOT) – Purdue Univer-
sity Accelerated Pavement Testing (APT) Facility located at the INDOT Office of Research and
Development in West Lafayette, IN. The APT is housed in approximately 185 m2 environmentally
controlled building. The APT facility is composed of test pit, a loading mechanism and control and
monitoring equipment.

The APT testing area consists of a 6100 mm wide by 6100 mm long by 1800 mm deep test pit.
The pit allows the placement of full depth pavements.

The operator control room houses both the software and hardware used to fully control the APT
operation. The room is currently equipped with three personal computers networked together. The
first computer is used to fully control and operate the APT, the second computer is used for data col-
lection/reduction and the third computer is used for monitoring and diagnoses of theAPT hardware.

The APT carriage, which can be equipped with either a full-size, dual-tire truck wheel or a
super-single, half-axle assembly, is cable driven by a 22 kW motor and a 37 kW drive. This setup
allows speeds up to 8 kph. The APT loading mechanism uses a system of four air pistons that
maintain a constant force up to 89 kN. This load can be programmed either in static or dynamic
modes. These cylinders also allow the wheels to be raised and returned to the start-up position of
the test pad in one direction type of testing.
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Figure 1. Layout of Test Areas (a) TA1 (b) TA2 (c) TA3.
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Figure 1. (Continued).

3 CONSTRUCTION AND EVALUATION OF UTW TEST SECTIONS

Two different composite pavements were constructed as part of the UTW evaluation. TA1 consisted
of four, 300 mm thick PCC slabs, each 1550 mm wide on top of 1200 mm of pea gravel. These
layers were covered by a 100 mm thick HMA pavement layer that had been tested in the APT as
part of a previous investigation. The HMA layer was a Superpave surface mixture with PG 64-28
binder and was subjected to 20,000 APT load passes (single axle, dual tires, and a 40 kN load). One
inch of the HMA layer was milled, to completely eliminate the permanent deformation or rutting in
the HMA layer due to previous APT loadings, leaving the layer approximately 75 mm thick. Forms
were placed around the test pit to allow for construction of a UTW overlay with a 63 mm thickness.

For the construction of the pavement in TA2 and TA3, the APT test pit was completely emptied
and cleaned. In both test areas, the test pit was filled with 1150 to 1200 mm of pea gravel and a
200 mm layer of dense graded crushed limestone was placed over the pea gravel. In TA2, a 150 mm
thick plain PCC layer was placed over the crushed stone. The PCC layer was then overlaid by four
HMA layers totaling 300 mm. The HMA layers were Superpave intermediate and surface mixtures
with PG 64-28 binder. 63 mm of the HMA layer were milled to allow the construction of the UTW
layer. This left the HMA layer approximately 237 mm thick. In TA3, the, six HMA layers (PG
64-28; base, intermediate, and surface mixtures) totaling approximately 350 mm thick were placed
over the crushed stone. Again, 63 mm of the HMA layer were milled to allow the construction of
the UTW layer. This left the HMA layer approximately 288 mm thick.

3.1 UTW concrete mixtures

Four different UTW concrete mixtures containing Class C fly ash, with a target water-cementitious
material ratio of 0.36, were used for the UTW in this experiment. The UTW concrete mixture
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Table 1. Mix design proportions.

Material kg/m3

Cement 375
(Type I – MD-1 and MD-3; Type III – MD-2 and MD-4)
Class C Fly Ash 70
Coarse Aggregate (Limestone – INDOT #11) 1000
Fine Aggregate (Natural – INDOT #23) 750
Water 160
HRWR 3–4 l/m3

Polypropylene Fibers (20 mm monofilament) 1.1
(MD-2 and MD-4)

designs are presented in Table 1. Test specimens were cast to evaluate the material properties of the
UTW concrete. Specimens made included 100 mm by 200 mm cylinders for compressive strength
and modulus of elasticity determination and 150 mm by 525 mm beams for modulus of rupture
testing. Testing was performed at 28 days.

3.2 Placement of UTW

The UTW in TA1 was placed at a width of 3050 mm. The UTW was placed and finished by
hand. MD-1 was used. After 18 hours the concrete joints were sawed at a spacing of 1200 mm by
1200 mm. This provided for two, 1200 mm wide test lanes and one, 600 mm wide shoulder area.
For comparison purposes, one lane was loaded (Lane 1) by the APT and the other lane (Lane 2)
was not loaded (Figure 1). The UTW was covered with wet burlap and plastic and cured for 7 days.

In TA2 and TA3, five different UTW test lanes were constructed. Each lane was constructed after
the APT loading of the previous lane was completed. In order to evaluate different bond interfaces
between the HMA and UTW, three different surface preparation techniques were employed. The
surface of the milled HMA was swept and cleaned with a compressed air hose prior to UTW
placement in Lanes 1, 2, and 3. In Lane 4, the milled HMA surface was not cleaned prior to
placement of the UTW in TA2, but was cleaned as in the other lanes for TA3. A sheet of plastic
was placed over the milled HMA layer in Lane 5: full lane in TA2 and half of the lane in TA3. The
remaining portion of Lane 5 was not cleaned prior to UTW placement.

In all cases the UTW was placed at a width of 1.2 m. Concrete mixture MD-1 was used in Lanes
1, 4, and 5 in TA2 and TA3. MD-2 was used in Lane 2 and Lane 3 in TA2 and TA3, respectively.
MD-3 was used in Lane 3 on TA2. And MD-4 was used on Lane 2 in TA3. The UTW was placed
and finished by hand. After 24 hours the concrete joints were sawed at a spacing of 1200 mm by
1200 mm for TA2 using a standard pavement saw. In TA3, and early entry saw was used and the
joints were cut (1200 mm by 1200 mm) within 4 hours after the UTW concrete was placed. The
concrete was covered with wet burlap and plastic and cured for 3 days.

3.3 Accelerated pavement testing

In the testing of the Lane 1 in TA1, a load of 40 kN was applied after curing for 7 days. The
pavement in TA2 and TA3 was tested with a load of 67 kN after the 3-day cure period. For all
tests, a single-axle, dual-tire configuration was used and the tire was run bi-directionally over the
pavement. Temperature in the APT facility was held relatively constant between 24◦C to 29◦C
during testing. In TA1, over 500,000 load applications were applied to the test section. For TA2
and TA3, approximately 300,000 load applications were applied to each lane except TA2 Lane 5
which only had 180,000 load applications prior to terminating the test.
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3.4 Distress evaluation

Distresses in the pavement were recorded periodically during the APT loading. Crack locations,
width, and length were charted. Sounding of the UTW was performed to evaluate the bond. Sound-
ing was done with a hammer in a grid pattern to locate the areas of potential debonding. Limits of
the debonding were determined with additional sounding of the suspect areas. Limits were marked
with paint on the pavement to assess changes in the debonded areas. Finally, faulting of the joints
and cracks was also recorded.

3.5 Instrumentation

In order to evaluate the strains throughout the depth of the pavement strain gages were placed in the
PCC, HMA, and UTW layers. Three different types of strain gages were used in this experiment.
The first gage type, Texas Measurements embedment-type gages (PML-60-2L), was embedded
in the UTW and PCC layers at a level of 0.5-inches (12 mm) below the surface and at 0.5-inches
(12 mm) from the bottom of the layer. (No gages were placed in the PCC section in TA1 as this
layer was placed in the APT under a prior project.) The second gage type, Texas Measurements
surface-mount-type gages (WFLM-60-11-2LT), was glued to the surface of the milled HMA. The
third type of gage was a CTL (ASG-152) HMA embedment gage that was placed at the bottom
of the HMA layer in TA2 and TA3. These gages were connected to a Vishay System 6000 data
acquisition system. This system has the ability to take individual strain readings at a very high
sampling rate. The high frequency of data sampling enabled the recording of the dynamic strains
as the wheel passed over the pavement. Dynamic strain data were collected approximately every
2500 load applications.

4 RESULTS AND DISCUSSION

4.1 Influence of pavement section structural properties

As noted previously, TA1 through TA3 were constructed with different pavement layers. The strains
measured at the bottom of the UTW layer were less for test lanes with underlying PCC layers (TA1
and TA2) than in test lanes without PCC layers (TA3) (see Figure 2). The lower strains in pavement
sections with the underlying PCC layers are expected to lead to less distress in the test lanes for
TA1 and TA2, than in TA3.

TA1 (containing a very stiff underlying concrete layer) had the stiffest pavement section.
No formal distress survey was conducted forTA1 as was performed in the other test areas. However,
no cracking was noted in the UTW at the end of the APT loading. This result indicates that the
strains remained low enough to prevent cracking even after over 550,000, 40 kN load applications.

As noted previously, TA2 (which also contained an underlying PCC layer) was stiffer than TA3
(constructed over an HMA section). A comparison of the distresses observed for all test lanes in
these two test areas is presented in Figure 3. These two diagrams illustrate the distresses observed
after load testing of the lane was completed. The total number of load applications applied to each
lane at the end of testing is included in the figure.

As can be seen in Figure 3, the observed distresses in Lane 1 initially do not match what was
expected for the section with an underlying PCC layer. Comparing this lane to Lane 1 in TA3, there
is much less distress observed in TA3 than in TA2. However, TA2, Lane 1 debonded as a result
of no vibration of the UTW concrete during construction. Therefore, the distresses observed for
Lane 1 in TA2 were the result of debonding, not the structural properties of the pavement section.
For the other lanes, neglecting the edge effects of the APT test pit (milling was non-uniform in
these areas and may have caused uneven bonding and/or stress concentrations to develop in the
UTW layer) the results fairly well match what was expected. There is little debonding and very
little cracking from the middle of Panel 1 through the middle of Panel 5 for Lanes 2 through 4 in
TA2. Additionally, the debonding in Lane 4 is most likely due to partially bonded condition in this
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Figure 2. Strain distribution across pavement depths (Lane 1 for All Test Areas; 0 to 20,000 Load
Applications).

Figure 3. Final distress comparisons (a) Test Area 2 (b) Test Area 3.

lane (bond preparation was eliminated intentionally to evaluate its effects on the performance of
the UTW).

In TA3 (Figure 3b), there is some debonding and cracking from the middle of Panel 1 through
the middle of Panel 5 for Lanes 2 through 4. In this test area Lanes 2 through 4 lanes were all fully
bonded and thus, the results cannot be attributed to the initial bonding condition. In regards to the
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distresses observed, these results should be taken in context of the variable mechanical properties of
the test lanes. The influence of the concrete mechanical properties is discussed in the next section.

4.2 Influence of UTW concrete material properties

To evaluate the effect of the concrete mechanical properties on the distresses a comparison of the
test lanes constructed with different mix designs (in TA2 and TA3) is conducted. Concrete mixed
using mix designs MD-1 through MD-3 were used to construct Lanes 1 through 3, respectively in
TA2. Concrete mixed using MD-1, MD-4, and MD-2 were used to construct Lanes 1 through 3,
respectively, in TA3.

The flexural strengths are used as a basis for this comparison as this is the value of the concrete
strength that is commonly used in the PCA fatigue equations. The 28 day flexural strengths of
the mixes in TA2 were 4.38, 4.17, and 6.52 MPa for MD-1, MD-2, and MD-3, respectively. For
TA3, the 28 day flexural strengths for MD-1, MD-4, and MD-2 were 7.31, 6.83 and 7.31 MPa,
respectively.

Accordingly, inTA2, the lanes in order of decreasing distress were expected to be Lane 1 (MD-1),
Lane 2 (MD-2), and Lane 3 (MD-3). Similarly in TA3, it was expected that Lane 2 (MD-4) would
have greater distress than either Lane 1 (MD-1) or Lane 3 (MD-2) which had equivalent strengths.

Figure 3 illustrated the final distresses in TA2 and TA3. In TA2 (Figure 3a), The extent of
distresses generally followed the expected trend. Lane 1 (MD-1) had the highest degree of distress.
The extent of distress observed in both Lanes 2 (MD-2) and 3 (MD-3) overall was relatively little.
The debonding of Panel 1 in Lane 3 and the crack in Panel 5 of Lane 2 are most likely due to the
edge conditions in the APT. Disregarding the distresses caused by the edge conditions, there was
little difference between the performance of MD-2 (high early strength mix) and MD-3 (fiber mix)
in regards to distresses. It should be noted that Lane 3, in which MD-3 was used, debonded only at
the outer edge of Panel 1. No cracking was noted in Lane 3 even though debonding had occurred.
Thus, the higher flexural strength of MD-3 (which contained fibers) appears to have prevented
cracking in the presence of debonding.

InTA3 (Figure 3b), Lanes 1 and 3 constructed with MD-1 and MD-2, respectively, were expected
to have a similar degree of distress given that they had equal flexural strengths. However, the lane
constructed with MD-2 (high early strength mix) did have more distresses (both debonding and
cracking) than the lane constructed with MD-1 (base mix). The lane (Lane 2) constructed using
with MD-4 (high early strength and fiber mix), which had a lower flexural strength than in Lanes
1 and 3, did have some distress (debonding only), but not as much as in the lane constructed with
MD-2 (Lane 3). Additionally, as noted with the lane constructed with the fiber mix in TA2 (Lane 3)
the fibers in the mix may have prevented cracking in the debonded areas of the lane constructed
with MD-4 (Lane 2). Overall, however, the flexural strengths among the lanes were fairly close
(within 7 percent). As such, this difference may not be significant enough to influence the distress
development. This mixed result indicates that there are likely other factors that have a greater
influence on the distresses than UTW concrete properties.

Given the greater shrinkage potential of the high early strength mixes, there was a concern
that debonding may occur at an early age. This debonding could leave concrete, which would not
have gained its full flexural strength, susceptible to early damage. However, debonding evaluations
performed after the curing period did not indicate that early-age debonding had occurred for these
mixes.

4.3 Influence of interfacial bond conditions

Lanes 1, 4, and 5 in test areasTA2 andTA3 were constructed to influence of variable bond conditions.
In TA2, Lane 1 behaved as an unbonded or partially bonded section, Lane 4 was partially bonded
and Lane 5 was unbonded. In TA3, Lanes 1 and 4 were fully bonded while Lane 5 included panels
that were unbonded and partially bonded. These test areas are used in the subsequent discussion to
evaluate the influence of bond conditions on the type and severity of distresses.
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Figure 3 illustrated the final distresses in TA2 and TA3. In test area TA2 (Figure 3a), while
there was a fair amount of overall distress (debonding and cracking) for Lane 4 (partially bonded)
it was less than both Lane 1 and Lane 5. The distresses in Lane 4 were mainly debonding at the
corners. Lane 1 (partially or unbonded) actually performed worse than Lane 5 (unbonded) which
was deliberately debonded. However, this may have been due to the fact that there significantly
fewer load applications in Lane 5. Had the same number of load applications been applied to Lane
5 more distresses likely would have been noted.

For TA3, the distress summary presented in Figure 3b indicated that Lane 1 (fully bonded) had
very little distress. The debonding noted was likely the result of edge affects of the APT test pit.
Lane 4 (fully bonded), neglecting the distresses likely caused by the APT edge effects (in Panels 1
and 5), did have some debonding and one of the debonded areas did crack at the corner. In Lane
5, the degree of distress was greater than in Lane 1 and Lane 4. The UTW in Lane 5 cracked in
the unbonded section. Additionally there was debonding noted in the partially bonded areas under
Panels 1 and 2 in Lane 5. These results indicate that, as expected the interfacial bond conditions
do influence the type and severity of distresses in the UTW layer.

The interfacial bond could provide restraint from shrinkage, thereby causing shrinkage cracks.
However, the locations of the cracks are consistent with the high stress areas that result from loading
(as discussed in the next section). Additionally, those areas with a higher level of restraint (greater
bond) are the areas that would most likely to form shrinkage cracks. However, as noted above this
was not the case. The areas with lower restraint had higher distress. Thus, in regards to shrinkage,
the curing period appeared to be sufficient for these conditions to prevent any shrinkage related
cracking.

4.4 Influence of mechanical load applications

TA2, Lane 1 exhibited the most distress (cracking and debonding) as indicated in Figure 3(a).
Unfortunately, no sounding to assess the bond condition was performed until after loading was
completed. However, the progression of the cracking at the corner is fairly regular such that by
the end of the testing all corners in the wheelpath had cracked. The bond evaluation conducted
after testing was terminated indicates that all the cracked areas were also debonded. The increas-
ing number of load applications had a large affect on the distress development in this test lane.
Figure 3(a) indicates that there were little distresses observed for Lanes 2 and 3 in TA2. While the
observations indicated that these observations were made at lower numbers of load applications,
these figures are also representative of the distresses observed at the end of the APT evaluations.
Thus, the increasing number of load applications had little effect on the distresses in these lanes.
For TA2, Lane 4 the figure indicates a debonded area in Panel 1 in the wheel path. This debonded
area was noted at 40,000 load application and is most likely due to the edge effects of the APT test
pit (Figure 4 and Table 4). That said, further analysis of this progression showed that at 135,000
load applications, the debonded area cracks. This result indicates that debonding does occur prior
to cracking in the UTW. For TA2, Lane 5, cracking of the UTW at the corner was noted at 180,000
load applications. This indicates that even though the area was unbonded, the UTW was still able
to withstand a significant number of load applications prior to cracking.

The results of the distress mapping for TA3 Lane 1 are presented in Figure 2(b). Other than a
debonded area (likely the result of the edge of the APT test pit) there was no distress observed
in this lane even after 300,000 load applications. The results from TA3, Lane 2, shown in Figure
3b indicate that even though there was debonding, no cracking developed even after 300,000 load
applications. As mentioned previously, the concrete in this lane used fibers and had a very high
flexural strength 6.83 MPa. This indicates that even if debonding occurs, the concrete can withstand
crack development. TA3 Lane 3 exhibited the same phenomenon as was observed in TA2 Lane 4.
Debonding was observed at 135,000 load applications (in Panels 2 and 3) and subsequent cracking
of the debonded area was noted at 210,000 load applications. The observation combined with the
observation in TA2 indicates that debonding occurs prior to corner cracking supports the findings
that were observed at MnROAD, Burnham [2005].

175



Figure 4. Example distress progression (TA2, Lane 4).

Table 2. Number of load applications to
distress.

Cycles to Cycles to
Lane debonding cracking

2–1 N/A 110,000
2–2 N/A N/A
2–3 75,000 N/A
2–4 40,000 135,000
2–5 0 180,000
3–1 N/A N/A
3–2 60,000 N/A
3–3 133,000 210,000
3–4 N/A N/A
3–5 0 195,000

Neglecting the edge effects of the APT test pit, the results for TA3 Lane 4 indicate that little
distress (debonding or cracking) was observed during the first 60,000 load applications. A debonded
and cracked area was noted at the corner of Panel 3 after 300,000 load applications. For TA3 Lane
5, cracking of the unbonded sections under Panels 2 and 3 was noted at 195,000 load applications.
Additionally, debonding of the corners in Panels 1 and 2 was noted at the same number of load
applications. These areas however did not crack even after 300,000 load applications. This was likely
due to a high UTW concrete flexural strength in this test lane (1120 psi at 28 days). For all test
lanes overall, neglecting the APT edge effects, no debonding was observed until 60,000, 67 kN lb
load applications (this converts to approximately 460,000 Equivalent SingleAxles Loads (ESALs)).
This was observed in TA3, Lane 2. Similarly, no load-induced cracking was observed until 110,000,
67 kN load applications (approximately 840,000 ESALs). This was observed in TA2, Lane 1.

In regards to the debonding patterns, there is a noted difference between the progression observed
in TA2 and TA3. The debonding in TA2 appears to be isolated more at the corners, whereas the
debonding in TA3 appears to progress along the transverse joints. This phenomenon may have
occurred because in most cases in TA2, the debonded areas of the concrete also cracked. The
cracking of the concrete may have released the stresses and halted any further progression of the
debonding.

5 CONCLUSIONS

The structural properties of the pavement section did have an effect on the observed distresses at
the end of the APT loading period. The test areas reflected this affect, as was expected, with the
stiffer sections having the less distress than the more flexible sections. However, these results may
also be influenced by the mechanical properties of the UTW concrete.

In TA2, the results indicated that the mix with fibers may delay cracking even in the presence
of debonding. The fiber mix (MD-3) had the highest flexural strength and performed the best in
regards to cracking. IgnoringAPT edge effects, both the fiber reinforced concrete and the high early
strength concrete performed well in regards to the final distresses. Definite trends were difficult to
identify for TA3. The lack of cracking in the lane constructed with MD-4 again indicated that the
use of fibers may have delayed cracking of the pavement in the debonded areas. The mixed results
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in TA3 may have been due to the fact that flexural strengths were all fairly close to one another and
the difference may not have been significant enough to discern a difference amongst them based
on the material properties alone.

The amount of distress generally followed the expectations based on the interfacial bond con-
dition. Those lanes having a lower degree of bonding (partially bonded or unbonded conditions)
typically exhibited higher amounts of distress. Conversely, the lanes with the highest degree of
bonding (fully bonded) typically showed the lowest degree of distress.

The results indicate that debonding does occur prior to cracking. This finding supports the
results observed at MnROAD. Additionally, the progression of distress development is such that no
debonding was observed before 60,000, 67 kN load applications. No cracking was observed until
110,000, 67 kN load applications.
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ABSTRACT: Fiber-reinforced self-consolidating concrete (FRSCC) is a new type of concrete
mix that can mitigate two opposing weaknesses: poor workability in fiber-reinforced concrete and
cracking resistance in plain concrete. This study focused on cracking of FRSCC due to restrained
drying shrinkage, one of the most common causes of cracking. In order to investigate the effect
of fiber on shrinkage cracking of FRSCC, ring shrinkage tests were performed for polypropylene
and steel fiber-reinforced concrete. In addition, a finite element analysis for those specimens was
carried out considering drying shrinkage based on moisture diffusion, creep, cracking resistance
of concrete, and the effect of fiber. The analysis results were verified via a comparison between
the measured and calculated crack width. From the test and analysis results, the effectiveness of
fiber with respect to reducing cracking was confirmed and some salient features on the shrinkage
cracking of FRSCC were obtained.

1 INSTRUCTIONS

Self consolidating concrete (SCC) offers a number of important advantages. Because of its excellent
workability and self-compacting ability, labor for vibration is not needed, and the construction
period, which is directly related to construction costs, can be shortened. For this reason, SCC mix
is widely used in practice. If fiber is added to SCC mix, many mechanical benefits can be achieved
from enhancement of cracking resistance. One difficulty in adding fiber, however, is that it can
hinder the flowable rheological property of fresh SCC mix. A few studies have been carried out
on optimization of the mix proportion for the addition of steel or polypropylene fibers to SCC
(Grünewald & Walraven 2001, Liberato, Park & Shah 2007). Meanwhile, there is a deficit of
research on the mechanical properties of fiber-reinforced SCC. In mechanical terms, the greatest
disadvantage of cementitious material is vulnerability to cracking. Cracking generally occurs at
an early age in concrete structures or members. It may potentially reduce the lifetime of concrete
structures and can cause serious durability and serviceability problems. One of the most important
causes of early age cracking is drying shrinkage. Numerous experimental works have verified
that the addition of fiber is an effective means of reducing the crack width. Furthermore, fiber
addition leads to the formation of many dispersed crack rather than a single, large penetration
crack (Girzybowski & Shah 1990, Nehdi & Ladanchuk 2004). However, it is still necessary to
quantitatively determine the effect of fiber on cracking behavior.

The present study is a part of a project to develop FRSCC. To this end, the project aims to
optimize mix proportion and to enhance rheological properties and mechanical properties. The
main purpose of this study is to investigate shrinkage cracking behavior of fiber-reinforced SCC
both experimentally and analytically. Four fiber-reinforced SCC mixes using polypropylene and
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Table 1. Mix proportions.

Unit weight (kg/m3)

Binder
Compressive
strength Cement Fly ash Coarse Super-

Specimen at 28 days (Type I) (Class F) Water aggregate Sand Fiber plasticizer

P0.0-G40-W30 66.7 MPa 623 156 234 516 772 0.00 2.6
P1.0-G40-W30 66.7 MPa 623 156 234 504 756 9.10 3.0
P1.0-G50-W30 68.2 MPa 622 156 233 629 629 9.10 3.3
S1.0-G40-W30 51.7 MPa 460 115 173 643 965 78.10 18.1
S1.0-G50-W30 71.5 MPa 461 115 173 801 801 78.10 3.8

Table 2. Fiber properties.

Fiber length Aspect ratio Tensile strength
Fiber type (mm) (L/D) (MPa) Material Shape

Synthetic 40 90 620 Polypropylene/ Fibrillated in
polyethylene blend thin flat lengths

Steel 35 65 1050 Cold drawn wire Round shaft with
hooked ends

steel fibers and one plain SCC were produced. Free shrinkage and restrained shrinkage tests using
ring type specimens were carried out to examine the cracking behavior due to drying shrinkage.
Finite element analyses were performed for the ring shrinkage specimens, considering moisture
diffusion, creep, cracking resistance of concrete, and the effect of fiber. From the experiments and
analysis, some salient features on early age shrinkage cracking behavior of fiber-reinforced SCC
were obtained.

2 EXPERIMENTS

2.1 Materials and mix proportions

Four different fiber-reinforced SCC mixes and one plain SCC mix were designed. Table 1 shows
the mix proportions. Polypropylene fiber was added to two mixes (P1.0-G40-W30, P1.0-G50-
W30), and steel fiber to the other two mixes (S1.0-G40-W30, S1.0-G50-W30). The plain SCC mix
(P0.0-G40-W30) was made for evaluating the difference in cracking resistance between the fiber-
reinforced and plain SCC mixes. Details of the fibers are given in Table 2. The binder composition
of all mixes was prepared using Type 1 Portland cement with 20% Class F fly ash (substituted by
mass), and the paste volume was optimized in order to achieve a good performing SCC. For every
mix, the water to binder ratio was 0.3, and the ratio of coarse aggregate to total aggregate was 0.4
or 0.5. Generally, the amount of fiber added to the concrete mix ranges from 0.25% to 1.5% of
the total mix volume (Girzybowski & Shah 1990, Nehdi & Ladanchuk 2004). As an average, the
volume fraction of fiber was set to 1%.
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Figure 1. Configuration of specimens.

2.2 Test program

Shrinkage tests were conducted at 40% relative humidity and 22 degrees Celsius using a controlled
humidity and temperature chamber. For each mix, three specimens were cast. Free shrinkage tests
were conducted using 100 mm × 100 mm × 200 mm prismatic cubes, and restrained shrinkage tests
were conducted using rings. Both free and restrained shrinkage specimens were exposed to air 1
day after casting. For the restrained shrinkage test, the concrete was cast around a steel annulus
and the top surface of the concrete was coated with a silicon-based caulk while the outer surface
was allowed the dry in order to simulate an infinite slab. The inner diameter and the thickness of
the steel ring was 254 mm and 25 mm, respectively. The thickness of the outer concrete ring was
50 mm and the height was 150 mm. The outer concrete ring was visually inspected twice a day for
cracking, the age at which the concrete cracked was recorded, and the strain of the inner steel ring
was also measured over time. After cracking, the width of the crack was measured daily for at least
15 days. In addition, three cylinder specimens of φ 100 mm × 200 mm were manufactured for each
mix and tested to find their compressive strength at 28 days. Figure 1 shows the configuration of
the specimens.

3 FINITE ELEMENT ANALYSIS FOR RESTRAINED SHRINKAGE CRACKING

3.1 General

When concrete is exposed to air of low humidity, the interior moisture is nonlinearly distributed
and the internal humidity decreases over time. Because of this differential drying, large tensile
stress is induced near the surface while small compressive stress is induced in the inner area at the
beginning of drying. In addition to the stress caused by the internal restraint, additional stress can
be generated by the external restraints at the boundary, edge or interface of concrete members. The
net stresses induced by the internal and the external restraints induce creep deformation, which
serves to delay cracking time.

Concrete creep can be divided into basic and drying creep according to the relevant mechanisms.
At the positions where the tensile stress exceeds the tensile strength, cracks initiate and propagate.
Concrete fracture mechanics indicates that the stress does not suddenly drop to zero after peak stress
but instead gradually decreases as the crack opening increases. If fiber is added to the concrete mix,
crack widening is reduced. The enhanced cracking resistance loaned by fiber can be explained by
the bond characteristics at the interface between the fiber and the matrix.

A prediction model to consider the above shrinkage cracking mechanism was previously estab-
lished and is applied to FRSCC for analyzing the shrinkage cracking of the ring specimen in the
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Figure 2. Finite element mesh.

present study. Figure 2 shows the finite element mesh for the test specimen. Two-dimensional
plane stress was considered in the analysis. In the process of the analysis, a moisture diffusion
analysis was first performed, and then shrinkage strain, creep, and cracking were calculated based
on the time-varying internal moisture distribution obtained from the moisture diffusion analysis.
The commercial program DIANA Ver. 9.1 was used in the finite element analysis. The material
models used in this study are not provided by the program, and specially coded subroutines for
the models were incorporated into the program. The modelling procedure for moisture diffusion,
shrinkage, creep, and cracking resistance of concrete and fiber, as well as the analysis scheme for
the cracking are given below.

3.2 Moisture diffusion and drying shrinkage

In the analysis, a nonlinear moisture diffusion analysis was first performed to determine the internal
humidity distribution, which changes over time. The governing equation of the moisture diffusion
is as follows.

H represents the pore relative humidity, t is time, W is the total water content, Dh is diffusivity, and
(∂W/∂H ) is the moisture capacity. This model of diffusivity and moisture capacity for concrete
suggested by Xi, Bazant & Jennings (1994a,b) was employed in this study.

Based on the analysis results for the moisture loss over time due to drying, that is, the solution
of Eq. (1), shrinkage strain is calculated by the following equation (Bazant and Xi 1994).

�εsh is the shrinkage strain increment according to the relative humidity loss H . εs is a material
constant representing the magnitude of the final shrinkage strain. E(t0) and E(t) are elastic moduli
at time t0 and t, respectively. The free shrinkage strain is calculated from the final shrinkage strain,
ε0

s , in the B3 model. The parameter ε0
s optimally fitting the measured free shrinkage strain was

found for each mix by using the B3 model, as shown in Figure 3.
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Figure 3. Free shrinkage test results.

3.3 Basic and drying creep

Creep deformation can be divided into two parts: basic creep and drying creep. The former refers to
creep deformation under non-drying conditions and can be explained by the solidification theory
(Bazant & Baweja 1995). In this study, the BP model (Bazant and Panula 1978) is used as a basic
creep model and is expressed as follows.

J (t, t′) is a compliance function including basic creep strain, E0 is an asymptotic modulus, α,
m, and n are parameters determining the shape of creep strain evolution over time, and t′ and t
are the time at loading and an arbitrary time after loading, respectively. The parameters used in
Eq. (3) were determined from the measured compressive strength and the mix proportions shown in
Table 1.

Drying creep, known as the Pickett effect (Pickett 1942), refers to the excess of creep at drying
over the sum of shrinkage and basic creep. This phenomenon was recently explained in terms of
stress-induced shrinkage (Bazant & XI 1994) based on micro-diffusion between micro pores and
macro pores. Eq. (2) is modified considering stress-induced shrinkage strain as follows.

The subscripts i and j indicate the direction of strain and stress, respectively, δij is the Kronecker
delta, and γ and γ ′ are constants for the stress-induced shrinkage. The two parameters, γ and γ ′,
are assumed to be the same. According to the literature, the parameter γ ranges from 0.1 to 0.3.

3.4 Cracking resistance of fiber-reinforced concrete

In plain concrete, the stress does not suddenly drop to zero after the peak stress in tension but rather
gradually reduces as the crack width increases. The relationship between the post-peak stress and
the crack opening displacement, strain softening behaviour, was modelled by the CEB-FIP 1990
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model code (1993). The enhanced crack resistance of fiber reinforced concrete is dependent on the
interfacial bond between the fiber and matrix. The relationship between the direct pullout force of
the fiber that is normally acting on the unit area of the crack surface and the crack width can be
obtained from the following equation.

In Eqs. (5) and (6), l is the length of fiber, d is the diameter of fiber, Vf is the volume fraction of
fiber, K is the anchorage force of the end of fiber, ws is the crack width when the fiber starts to slide
at the interface, and τv and τg are the interfacial shear strength and the frictional shear strength,
respectively. The parameters of Eqs. (5) and (6) were determined by referring to a previous study
(Girzybowski and Shah 1990).

3.5 Modelling of concrete and steel

In the finite element modelling, concrete cracking was modelled as the crack band model (Bazant
& Oh 1983), where the crack opening displacement of the softening curve is transformed into
the cracking strain of the continuum body by dividing the displacement by the crack band width.
The crack direction is generally determined based on the direction of the principal stresses in the
numerical calculation. Differently from the general case, cracks in the ring shrinkage specimen
occur and propagate simply in the radial direction perpendicular to the circumferential direction,
and the crack band width can be set to be the same as the circumferential length of each element.

In modelling the concrete, the tensile strength of each element was randomly distributed, and
was assumed to be more than 95% and less then 105% of the reference strength expressed in Eq. (7)
as follows.

In Eq. (7), random(1,0) is a random function that gives a random value between 0 and 1, and
ft(t)element is the tensile strength distributed to each element. Therefore, every element will have
different tensile strength and also a slightly different softening curve based on the different tensile
strength. If every element has the same tensile strength, cracks may initiate in every element at the
same time. In reality, a crack begins at the weakest point of concrete. To simulate realistic cracking,
this randomly distributed tensile strength was used.

The steel ring was modelled using 1,000 elements, and the outside concrete was modelled using
5,000 elements. The steel was assumed to be an elastic material, of which the elastic modulus and
Poisson’s ratio used in the analysis were 190 GPa and 0.3, respectively. In the moisture diffusion
analysis performed prior to the cracking analysis, the same finite element mesh was used, and it
was assumed that moisture diffusion does not take place in the steel.

The steel ring and the outside concrete were modeled as individual bodies. The interface between
the steel ring and the concrete was simulated using the Coulomb friction model given by the
following equation.

In this equation, the critical stress τcrit at which sliding between the surfaces starts is defined as
the fraction of the contact pressure P that is normally acting on the interface. The constant η is the
coefficient of friction. In the analyses, the coefficient of friction of Eq. (8) was set to 0.2 (Baltay &
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Gjelsvik 1990, Kwon, Kim & Kim 2005). When the pressure is in tension, brittle gaping occurs
between the steel and concrete.

4 DISCUSSION ON TEST AND ANALYSIS RESULTS

4.1 Humidity distribution

Figure 4 shows the internal relative humidity distribution obtained from a nonlinear moisture
diffusion analysis of the specimen. The relative humidity was nonlinearly distributed over the
thickness of the concrete and becomes flatter over time. Based on this relative humidity distribution,
a cracking analysis was performed considering the drying creep and the simultaneous formation
of microcracks.

4.2 Cracking

Figure 5 shows the deformed shape of the quarter part of the plain concrete specimen at 2 and 3
days after drying. The deformed shape was highly exaggerated by magnifying the deformation. The
arrows in the left part of Fig. 5 indicate microcracks. These microcracks occurred at the beginning
of drying. Some of the microcracks continued to open over time with a specific spacing while
others stopped opening or started to close. Differently from the direct tension test, fracture is not
localized in a single crack, and drying typically induces systems of parallel cracks near the surface
exposed to the air (Bazant & Raftshol 1982). As the front of the drying zone moves inside the
concrete material, crack propagation and crack opening are concentrated into some of the initial
cracks in a systematic manner. The closing and opening of the initial cracks and their spacing were
automatically determined in the analyses based on the random distribution of the tensile strength
to each element and the compatibility of deformation.

When the concrete is externally restrained, the weakest of the several microcracks on which the
crack opening was concentrated develops into a penetration crack. In the plain concrete, only one
penetration crack formed, as shown in the right of Figure 5. In contrast with the plain concrete, in
the fiber reinforced concrete, a number of penetration cracks formed.
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Figure 5. Deformed shape of plain concrete before and after penetration crack.
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Figure 6. Comparison between the measured and calculated crack width of the first crack.

A comparison between the analysis results and test data for the first penetration crack in each
specimen was made, and the results are shown in Figure 6; solid dots denote the measured crack
width and the lines represent the analysis results. The analysis results accurately simulate the real
cracking behavior of fiber reinforced self-consolidation concrete, and the prediction models used
in this study were validated from this comparison. In the case of plain concrete P0.0-G40-W30, a
penetration crack occurred at 3 days and its width was 0.8 mm at 15 days after drying. The crack
width of P1.0-G40-W30 and P1.0-G50-W30 was about 0.4 mm at 15 days, and the reduced crack
width could be attributed to the enhanced cracking resistance due to the added fiber. In the case of
the steel fiber reinforced concrete, the crack width was about 0.1 mm 15 days after the penetration
crack initiated. The free shrinkage of steel fiber reinforced concrete was almost half that of the
polypropylene fiber concrete, as shown in Fig. 3. The delayed cracking and reduced crack width of
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Figure 7. Comparison between the measured and calculated strain of steel ring.

S1.0-G40-W30 and S1.0-G50-W30 appears to be caused by the smaller free shrinkage as well as the
greater effectiveness of the steel fiber with respect to enhancing cracking resistance. A significant
difference in cracking behaviour was not observed according to the ratio of coarse aggregate to the
total aggregate.

4.3 Confinement effect

As the drying shrinkage proceeds, the concrete confines the inner steel ring and the steel ring
restrains the deformation due to shrinkage. The confinement effect disappears immediately after
formation of the penetration crack in the plain concrete. On the other hand, it remains even after
the penetration crack initiates in the fiber-reinforced concrete due to the pullout property of the
fiber. The confinement of concrete by the steel ring can be confirmed through the strain variation
of the steel ring over time in the experiments and analyses.

Figure 7 shows the strain variation of the inner steel ring over time for the specimens. The strain
for P0.0-G40-W30 suddenly drops to zero at the cracking time, while the strains for P1.0-G40-W30
and P1.0-G50-W30 drop to a certain level and then remain constant over time after the penetration
crack initiates. Unlike the polypropylene fiber reinforced concrete, the strains for S1.0-G40-W30
and S1.0-G50-W30 continue increasing even after the penetration crack forms. It is apparent that
the steel fiber is more effective in reducing the cracking.

5 CONCLUSIONS

Ring shrinkage tests were performed, and numerical analyses for the specimens were carried
out to investigate the cracking behavior of polypropylene fiber- and steel fiber-reinforced self-
consolidating concrete. From the experimental and analytical investigations, the effectiveness of
fiber in terms of reducing cracking can be confirmed, and the following conclusions can be drawn.

1. From the beginning of drying, many microcracks propagate simultaneously. One of these cracks
develops into a penetration crack or macro crack. In the case of fiber reinforced concrete, several
macro cracks may form after the formation of the first penetration crack as the confinement
pressure increases or remains constant over time due to the effect of added fiber.

2. In the case of self-consolidating concrete reinforced with 1% polypropylene fiber, the crack
width was reduced to half that of plain SCC.
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3. The crack width of steel fiber-reinforced SCC was much smaller than that of polypropylene
fiber reinforced SCC. This is due to the larger cracking resistance of the steel fiber as well as
the smaller free shrinkage.

4. The calculated crack width and strain of the steel ring accurately simulated the real cracking
behavior, and the analytical models used in this study can be used to predict and estimate the
cracking of plain and fiber reinforced concrete.
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A.A.A. Molenaar & B. Pu
Delft University of Technology, Delft, The Netherlands

ABSTRACT: Stabilizing materials with cement is an attractive option to allow less suitable
materials to be used as base-course or subbase. This is especially the case when good quality natural
materials are not available or scarce. The problem with cement treated materials however is that they
are brittle in nature and are sensitive to overloading. Pavements can only be designed properly when
appropriate transfer functions, e.g. fatigue relationships, are available. Unfortunately the amount
of information that is available on the fatigue performance of cement treated materials is much less
than that is available for asphalt mixtures. Furthermore the information that is available is often
not applicable to the specific condition. This paper describes the development of a field fatigue
relationship for sand cement treated bases which are often used in the Netherlands. The relationship
is based on an extensive analysis of the SHRP-NL data base which contained performance data
of a number of pavements with a cement treated base. Furthermore the results will be presented
of extensive finite element analyses which have been made to analyze the stress conditions near
cracks and to determine the effect of load transfer. Combining all these results, an endurance limit
for cement treated bases could be developed that can be used for the design of long life pavements.

1 INTRODUCTION

Stabilizing materials with cement is an attractive option to allow less suitable materials to be used in
base-courses and subbases. Because good quality aggregates are not available in the Netherlands,
base courses and subbases are made of recycled materials such as mixtures of crushed concrete
and crushed masonry but also by stabilizing the available sand with cement or stabilizing recycled
materials with cement. The problem with cement treated base courses however, is their cracking
behavior. Transverse cracks always occur due to hardening and thermal shrinkage but also traffic
may be the cause of extensive cracking. Both types of cracking can result in extensive and costly
maintenance.

In the Netherlands, “design and build” contracts are gaining popularity. This implies that the
contractor is made responsible for the design and selection of materials and has to guarantee
the good performance of the pavement over a 7 years period. For obvious reasons, contractors
want to use cost effective materials and stabilization of the existing sand subgrade with cement
or using cement stabilized recycled materials as base course materials offer such possibilities.
Because of less favorable experiences with cement treated bases, the authorities want solid proof
of the contractors that the designs and materials proposed by them guarantee good performance.
It is clear that such a proof is hard to give if assumptions have to be made about the mechanical
characteristics of these materials because of lack of good quality data.

Although some work on the fatigue resistance of cement treated materials is done in Australia,
South Africa, Denmark and France, little of it is applicable for the typical Dutch sand cement base
courses and cement treated base courses made of recycled materials. This lack of good quality
information on the fatigue performance of cement treated materials is hampering designers to
proof that their proposals result in good performing roads. Obtaining fatigue data from laboratory
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fatigue tests is not that straight forward as it may seem. First of all, stabilization is mostly done
in situ resulting in considerable variation in the characteristics. Secondly, these materials are brittle
in nature and the available fatigue relationships (e.g. Theyse e.a., 1996) for these types of material
all show a high value of the slope of the relation. This implies that a small change in the applied
tensile strain has a very large effect on the number of load repetitions to failure. Both factors imply
that quite a number of tests need to be done in order to obtain a reliable fatigue relation. Thirdly,
unlike for asphalt mixtures, no nomographs or equations are available to estimate the fatigue
characteristics of these materials. Finally, shift factors should be applied to the laboratory derived
relationships in order to make them applicable for design purposes. All this implies that fatigue
testing of these materials is considered to be cumbersome and questionable and one therefore tries
to avoid this type of testing.

In order to be able to arrive at a fatigue relationship that could be used for practical purposes, it
was decided to make an analysis of the performance of the pavements with cement treated bases
that are part of the SHRP-NL data base. The SHRP-NL data base was developed in the 1990’s as a
parallel project to the SHRP program in the USA.The data base contains data on the visual condition
as well as falling weight deflectometer results, the pavement structures, traffic etc collected over a
10 year period. As will be shown in this paper, a field fatigue relationship could be developed for
sand cement base course materials. The analysis of the data base was supported by extensive finite
element analyses which were made to determine the stress conditions near cracks and to analyze
the effect of load transfer. By combining the field data with the finite element results, an endurance
limit for cement treated sand could be developed.

2 SHRP-NL DATA BASE

The SHRP-NL data base contains 15 sections with a cement treated sand base course. Each section
was 300 m in length and consisted of 3 subsections of 100 m. Four sections were part of the
provincial road network while the remaining 11 were part of the main highway system.

On each section, falling weight deflectometer measurements were performed in and between the
wheel paths. These measurements however were taken only a few times during the entire duration
of the SHRP-NL project. On some sections, deflection measurements were taken 6 times during
the 10 year period the sections were under investigation, while on other sections only one deflection
survey was performed.

Furthermore visual condition surveys were available. On some sections the visual condition
surveys were performed 8 times during the 10 year period, while on other sections the number of
surveys was only 4. Unfortunately the visual condition surveys and deflection measurements were
not performed on the same dates making a direct comparison between the measured deflection and
the observed damage somewhat complicated.

Also information on the thickness of the pavement layers and the composition of the asphalt
layers was available from the cores that were taken in front and behind the 300 m sections (6 cores
in total, 3 on either side). Axle load data were not available; the only traffic information available
was the average daily traffic on a specific date, traffic growth and percentage of truck traffic.

3 EVALUATION OF THE TYPE OF CRACKING

As mentioned before, the objective of analyzing the performance of the SHRP-NL data was to
establish a field fatigue relation. In order to do so, one must be sure that the cracking that is
observed is traffic related and is cracking that can be related to deterioration of the cemented base
course. In other words one must be sure that the cracks are predominantly bottom-up and not
top-down cracking.
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Figure 1a. Deflections measured between the wheel paths on a particular section.

From the detailed crack maps made by the surveyors, the surprising conclusion was that
transverse cracking was hardly observed on the sections. Most of the cracks were in the wheel
paths.

The small amount of transverse cracks might have to do with the fact that normally rather thick
asphalt layers are used in the Netherlands for provincial roads and main highways (> 200 mm
asphalt). This combined with the mild winters that occurred during the last decades might be the
reason for the limited amount of transverse cracking that is visible at the pavement surface. Most
probably there are transverse cracks in the cement treated base but obviously they had not yet
propagated through the asphalt top layers.

The question with respect to the longitudinal wheel path cracking that was observed was whether
this cracking was top down cracking or bottom up cracking initiating in the cement treated base
course. Unfortunately it was not allowed to take any cores and the only way to determine whether
cracking had initiated from the bottom of the pavement was by taking deflection measurements in
and between the wheel paths. From experience it was known (Groenendijk 1998) that top down
cracking hardly results in an increase in deflection level while top down cracking does.

By comparing the deflection measurements taken in and between the wheel paths it was indeed
concluded that the observed cracking was bottom-up. This conclusion is based on the fact that at
the sections where cracking was observed, the deflections (especially the surface curvature index
of the deflection bowl) in the wheel path were larger than those measured between the wheel paths.
The deflections measured at a distance of 900 mm and more from the load centre did not increase.
An example of this is given in figures 1a and 1b. The higher deflections in the wheel paths indicate
a loss of bending stiffness in that area which can be attributed to the damaging effect of traffic.
It has been shown in (Molenaar, 2006) and (Molenaar, 2007) that the loss in bending stiffness as
observed on the various sections had be due to damage in the asphalt top and cement treated base
layer and could not be due to surface cracking that only penetrates to a depth of 40 mm from the
surface.

Based on these observations, the conclusion was drawn that the observed cracking was related
to traffic and is bottom-up cracking. Therefore it was concluded that the data base could be used
to develop an in situ fatigue relation.
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Figure 1b. Deflections measured in the wheel paths on the same section as in figure 1a.

4 DEVELOPMENT OF AN IN SITU FATIGUE RELATION FOR THE CEMENT
TREATED BASES

As a first step in the development of the in situ fatigue relationship, the magnitude of the tensile
strain at the bottom of the cement treated base in the area between the wheel tracks (this is an
area that is not subjected to traffic loads and can therefore be considered as being representative
for the original structure) was calculating using equation 1 (Gurp, van, 1996). This equation was
developed using the results of a large number of linear elastic multi layer analyses on pavement
structures with a cement treated base course.

where: BDI = d300 − d600; dx = deflection at x mm from the load centre [µm]; and ε = tensile strain
at the bottom of the cement treated base layer [µm/m].

Next a plot was made of the calculated tensile strain and the observed cracking. This resulted
in figure 2 (Pu, 2007). This figure nicely shows that sections where the tensile strain was lower
60 µm/m showed no cracking. A significant amount of cracking was observed on sections where
the tensile strain is larger than 80 µm/m. It should be noted that the percentage cracking shown in
figure 2 is related to the entire pavement surface; 50% cracking implies that both wheelpaths are
cracked

The following step was to take into account the traffic volume. Information was only available
on the average daily traffic at a given moment in time. This was also the case for the traffic growth
and the percentage of truck traffic. Therefore some assumptions had to be made in the calculation
of the number of 100 kN equivalent axles that traveled the various sections. Extensive research in
the Netherlands (CROW) on axle loads has shown that the number of equivalent 100 kN axles per
truck (VSF100) can be related to the truck traffic intensity (table 1). For light truck traffic it was
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Figure 2. Relationship between the tensile strain at the bottom of the cement treated base measured between
the wheel paths and the amount of cracking observed on the pavement surface.

Table 1. Truck damage factor (VSF100) in relation to the truck traffic
intensity.

Number of trucks per working day per direction VSF100

<1000 0.2–0.5
1000–4000 0.5–1.0
>4000 1.0–2.0

Note: the truck damage factor is the number of equivalent 100 kN single
axles per truck.

assumed that VSF100 = 0.35, for medium traffic a value of 0.75 was taken while for heavy traffic
a value of 1.5 was assumed.

Combining all information, figure 3 (Pu, 2007) was obtained that shows the relation between
the tensile strain at the bottom of the cement treated base, the number of applied 100 kN axle loads
and the observed amount of cracking. After careful consideration of all available data, and taking
into account the error that could have been made in estimating the applied nr. of load repetitions,
the following equation for the prediction of the fatigue life of cement treated base course materials
could be developed (equation 2).

where: N = allowable number of 100 kN equivalent single axles; ε = tensile strain at the bottom of
the cement treated base due to a 50 kN falling weight load [µm/m].

Furthermore it appeared that the chance on fatigue failure is very small if the tensile strain level
is 60 µm/m or less.
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Figure 3. Relationship between tensile strain at the bottom of the cement treated base, the number of 100 kN
axles and the amount of observed cracking.

5 SPECIFICATIONS FOR CEMENT TREATED LAYERS

The sections were built in different years. The eldest ones were from the beginning of the 1980’s
while the youngest ones were from the early 1990’s. This implied that they were built under different
specification regimes.

Sands in the Netherlands are usually uniformly graded. The average grain size d50 is mostly
between 146 and 269 µm and the coefficient of uniformity Cu = d60/d10 is between 1.55 and
2.45. The CBR values vary between 10 and 15%. Maximum Proctor density is between 1560
and 1830 kg/m3 and optimum moisture content is between 10 and 17%.

Specifications for cement treated base courses were only limited to the compressive strength
of the material. The specifications that were valid before 1985 required for cores taken from the
pavement a minimum compressive strength after 90 days of 1.5 MPa. After 1985, this value was
required after 28 days. In general this implied that after 1985 a somewhat higher cement content
had to be used. In general cement contents varied between 6–8% by mass.

6 LONGITUDINAL CRACKING DUE TO TRANSVERSE CRACKS

It has been mentioned before that it is expected that the pavement sections investigated could
certainly have some transverse cracking in the cement treated base which hadn’t yet propagated
through the covering asphalt layer. It was hypothesized that such transversal cracks, initiated by
environmental effects, might very well be the reason for longitudinal, traffic induced wheel path
cracks in the cement treated base. The reason for this is schematically shown in figure 4.
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Figure 4. Mechanism causing longitudinal, traffic induced, cracks to occur at a transverse crack in a cement
treated base.
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Figure 5. Springs used to characterize load transfer across the transverse crack.

A large number of finite element calculations were made to determine the magnitude of the
tensile strains responsible for the development of longitudinal cracks near a transverse crack (Pu,
2007). All structures were three layer structures in which the stiffness of both the asphalt layer
(Easphalt = 3000, 11000 MPa) and cement treated base (ECTB = 3000, 6000, 12000 MPa) was varied.
In all cases the subgrade modulus was set at 100 MPa. Furthermore the thickness of both the asphalt
and base layer were varied (hasphalt = 100, 200, 300 mm; hCTB = 150, 300 mm). Summer conditions
were simulated by assuming good load transfer across the crack in the cement treated base while
winter conditions were simulated by assuming a poor load transfer. The load transfer at the crack
was modeled by means of a series of springs (figure 5). Horizontal springs simulated the horizontal
stiffness at the crack in case the crack is closed or open. Vertical springs represented the shear
stiffness of the crack. Examples of the output of the analysis are given in figures 6a and 6b. The
figures show the deflection bowls for a pavement consisting of 100 mm of asphalt on top of a
150 mm thick CTB. The CTB had a modulus of 3000 MPa for both summer and winter conditions.
The stiffness modulus for the asphalt layer was set at 3000 MPa for summer conditions and 11000
MPa for winter conditions. In the half cracked pavements, the transverse crack was assumed to
be only in the CTB. In the fully cracked pavement, the transverse crack was assumed to have
propagated through the CTB and the asphalt layer. The values for the spring stiffness were derived
from work done by de Bondt (1999).
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Figure 6a. Deflection bowls of an uncracked and cracked pavement in summer time.
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Figure 6b. Deflection bowls of an uncracked and cracked pavement in winter time.

The finite element analyses resulted in the following findings.

(a) The tensile strain at the bottom of the uncracked CTB as predicted by means of equation 1
agreed very well with the tensile strain as predicted by means of the finite element analyses.

(b) In summer conditions, when there is a good load transfer across the crack, the tensile strain
causing a longitudinal crack to occur at the transverse crack is 1.12 times the tensile strain at
the bottom of the uncracked CRTB. This is in case of a half cracked pavement. In case of a
fully cracked pavement, the multiplication factor is 1.2.
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(c) In winter conditions when transverse cracks can assumed to be open resulting in a poor load
transfer, the multiplication factors are 1.21 for the half cracked pavement and 1.46 for the fully
cracked pavement.

The above findings resulted in the conclusion that traffic induced cracking will not occur in cement
treated bases when the strain level remains below 60/1.46 = 41µm/m in cases where the load transfer
across transverse cracks is poor. When a good load transfer can be guaranteed, this strain level is
50 µm/m. These values are proposed to be used as endurance limits for the material investigated.

Although not discussed in this paper, it is believed that climate induced transverse cracking can
successfully be controlled by sawing shrinkage cracks in the cement treated base in the same way
as this is done in concrete pavements. Experiences on Amsterdam’s Schiphol airport technique
showed this technique to be very effective in controlling the activity and the width of the transverse
cracks in the CTB used under its runways and taxiways.

7 CONCLUSIONS

The following conclusions have been drawn.

1. From the performance data in the SHRP-NL data base, it has been possible to derive a field
fatigue relation for sand cement bases.

2. Also an endurance limit for these types of materials was developed. In case good load transfer
across transverse cracks is guaranteed, a strain value of 50 µm/m can be taken as such a limit.

3. In case the load transfer across transverse cracks must be assumed to be poor, this limit is
41 µm/m.
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ABSTRACT: This study investigates the effectiveness of different construction approaches in
relation to the major distress modes affecting flexible and semi-rigid pavement overlay system.
Cracking predicting and its control are key components in design of new and exiting pavements.
From this point of view the possibility of evaluating the damage by an incremental calculation over
the entire target of design life is very interesting. The M-E PDG 2002 (Mechanistic-Empirical Pave-
ment Design Guide v.1.003) software allows to assess the effectiveness of a trial design relating to
performance criteria defined by the designer, predicting the service life of the considered pavement
system. In particular, it shows the evolvement of structural distresses, as bottom-up fatigue (or alli-
gator) cracking, surface-down fatigue (longitudinal) cracking, permanent deformations (rutting)
and thermal cracking, through the design life, evaluating the influence of materials characteristics,
thickness of layers, climate and traffic on pavement service life. In this paper the Authors show
the results obtained using the above-mentioned software, adopting different pavements typologies
(conventional, full-depth, semi-rigid, inverted-section), in order to determinate design solutions
which are suitable for inhibiting or limiting the cracking phenomenon and the rutting, evaluating
the influence of design parameters. In such way, the study offers useful suggestions that can be
used by asphalt pavement designers to reduce in particular the possibility of premature cracking,
so as to increase the service life of pavement system.

1 INTRODUCTION

In this paper the Mechanistic-Empirical pavement design method introduced by the “AASHTO
Guide 2002” (AASHTO 2004) was applied. The research was focused on two aspects:

– Analysis and optimization of different pavement typologies (conventional, full-depth, semi-rigid,
inverted-section) of secondary ordinary extra-urban roads at parity of materials and in standard
conditions;

– Evaluation of the effects produced varying the performances of the used materials at parity of
design solution and operative conditions (clime, traffic, etc.).

The M-E PDG v 1.003 software (Applied Research Associates – Transportation Arizona State
University 2007), developed within the NCHRP 1-37A and 1-40D projects, was used.

The Mechanistic-Empirical methodology implemented by the software implies three different
levels of input, according to the criticality of the project, the availability of data and the required level
of reliability. Since the numerical comparison analyses among the different structural typologies
refer to the same materials in standard conditions, the third level was adopted.

The reference initial Conventional Flexible Section – CFS adopted in this study was selected
from the Italian Catalogue of pavements (Consiglio Nazionale Ricerche, 1995), precisely from the
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4F card, referring to flexible pavements of secondary ordinary extra-urban roads. This section is
defined referring to a number of commercial vehicle transits equal to 4,000,000 on the most loaded
lane hypothesizing a service life of twenty years, estimated on the basis of the pavement typology
and the traffic spectrum corresponding to the road category. The AADTT (Average Annual Daily
Total Traffic) obtained dividing the number of commercial vehicle transits on the most loaded lane
(4,000,000) by the days of service life (7300) and multiplying by the lanes number (2) was 1100.
The vehicle class distribution was defined both comparing the FHWA Classification used by the
M-E PDG software with the Italian Classification, and comparing the Truck Traffic Classification
(TTC) groups and the corresponding distribution used by the Design Guide with the CNR Catalogue
Traffic Spectra, assessing theTTC 14 group (FHWA 2001) approached better the Italian distribution
corresponding to the secondary extra-urban roads.

Since the environmental conditions influence the pavement performance, the flexible especially,
all analyses were referred to a same place, the parameters of which are reported in the database of
the EICM (Enhanced Integrated Climatic Model) routine, precisely to the “Chicago Midway Intl.
Arpt.” (Elevation: 189 m – Latitude: 41.47◦ – Longitude: −87.45◦), which is characterized by a
climatic seasonal trend near enough to many areas of the Italian inland.

The particle size distribution of the aggregates, the bitumen percentage, the residual voids
and the mechanical characteristics of the bituminous/stabilized cement mixtures were defined
according to the CNR Catalogue (Consiglio Nazionale Ricerche, 1995). In particular, the bitumen
was characterized by a Conventional Penetration Grade 85–100.

The Conventional Flexible Section adopted in this study consisted of the following layers
succession, placed on a natural soil AASHTO Class A-4:

– Compacted Soil AASHTO Class A-3 characterized by a thickness of 40 cm;
– Unbounded Crushed gravel foundation of 15 cm;
– Asphalt concrete base layer characterized by a thickness of 13 cm;
– Asphalt concrete binder of 6 cm;
– Asphalt concrete wearing-course of 5 cm.

Starting from the CFS (Fig. 1a), the following pavements typologies were defined:

– Full Depth Section-FDS (Fig.1b), obtained eliminating the foundation from the CFS;
– Semi-rigid Section-SRS (Fig.1c), obtained replacing the asphalt concrete base with a stabilized

cement layer;
– Inverted Section-IS (Fig. 1d), obtained inverting the position of the unbounded layer with the

base and modifying the thickness (in particular the thickness of the crushed gravel layer was led
to 10 cm). In Figure 1d the AC base is at the bottom of the initial trial section; however in the
analyses a stabilized cement base was also adopted.
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Figure 1. Trial design sections.
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2 PERFORMANCE PARAMETERS, LIMITS AND RELIABILITY

In order to investigate the effectiveness of the different construction approaches in relation to the
major distress modes, the following performance indexes were assumed:

– IRI (International Roughness Index) –This index depends on the initial pavement profile (rough-
ness) and on the follow development of the distresses during the service life. The IRI model
is able to foresee the roughness variation on the basis of the estimated distresses, calculated
by specific forecast models, of the initial IRI index and of other parameters referring to the
situ. Since for extra-urban roads the IRI is generally in a range from 197.28 cm/km (125 in/mi)
to 394.57 cm/km (250 in/mi), a Distress Target of 271.46 cm/km (172 in/mi), with a Reliability
Target of 90%, was adopted.

– Longitudinal cracking – Longitudinal cracks can be caused by tensile stresses and strains due
to: traffic loads, aging of the asphalt concrete mixture on the top of the pavement or shearing
of the Hot Mix Asphalt. The cracks propagation is from the surface to the bottom of pavement.
For extra-urban roads the longitudinal cracks index is generally in a range from 100.37 m/km
(530 ft/mi) to 501.89 m/km (2650 ft/mi).The adopted Distress Target was equal to 378,79 m/km
(2000 ft/mi), with a Reliability Target of 90%.

– Bottom-up fatigue (alligator) cracking – This distress mode starts with longitudinal cracks along
the wheel path, which subsequently spread and link up, forming a particular pattern to which
the definition of alligator cracking is due. The propagation process starts from the bounded base
layer, below the bituminous overlay, because of the repetitiveness of the applied loads. Since
for extra-urban roads the admissible damage level is in a range from 10% to 45% of the lane
surface, the Distress Target was assumed equal to 25%, with a Reliability Target of 90%.

– Thermal cracking – This phenomenon is due to low temperatures and/or to sudden thermal
changes which cause the hardening and the shrinkage of the asphalt concrete. The Distress
Target is generally assumed equal to 189.39 m/km (1000 ft/mi), with a Reliability Target of
90%;

– Permanent deformation (rutting) – This distress consists of a superficial depression in the wheel
path. It is due to the anelastic or plastic strains of the pavement layers or of the subgrade. The
Distress Target is assumed equal to 1.27 cm (0.5 in) for only asphalt concrete and to 1.9 cm
(0.75 in) for total pavement, with a Reliability Target of 90%;

– Chemically stabilized layer fatigue fracture – This distress characterized the semi-rigid pave-
ments, precisely the base layers which are chemically stabilized by cement, fly ash or lime-fly
ash. Under the repeated load application, microcracks lead to a reduction of the stiffness and
so to a decrease of the modulus, which can cause a fatigue breaking. The Distress Target is
generally assumed equal to 25%, with a Reliability Target of 90%.

3 SECTIONS OPTIMIZATION

Once defined typologies, sizes and materials characteristics of the trial sections (see Paragraph 1),
the optimization was made using the M-E PDG code: the layers thicknesses were set right on
the basis of the performance parameters (see Paragraph 2) referring to the different pavement
typologies. This stage is described in the following paragraphs.

3.1 Conventional Flexible Section – CFS

The analysis of the reference CFS (Fig. 1a) shows all parameters described in Paragraph 2 were
verified. In particular, at the end of service life (20 years), the longitudinal cracking trend showed
a reliability next to 100% (Fig. 2a), while in the case of rutting for only asphalt concrete (AC)
layers the reliability was equal to 94.56%. The optimization process was aimed to reduce the layers
thickness in order to obtain a Reliability Target next to 90%. At first, the aim was to balance
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Figure 2. CFS optimization.

the reliability of the above-mentioned parameters, i.e. to increase the reliability in the case of
the rutting for only asphalt concrete layers, reducing that one corresponding to the longitudinal
cracking. The thickness of the layers on the top (wearing-course and binder) were reduced of 1 cm.
In such way, for rutting and longitudinal cracking reliability targets of 98.03% and 96.05% were
obtained respectively, while the reliability values of the other parameters were substantially the
same. Then, the wearing-course thickness was reduced of 1 cm, achieving reliability values of
98.51% and 93.50% for rutting and longitudinal cracking respectively.

Subsequently, since it wasn’t possible reduce further the thickness of the superficial layers,
the AC base was considered, making at the beginning a reduction of 3 cm and then limiting this
reduction at first to 2 cm and to 1 cm at last, in order to satisfy the longitudinal cracking test.

The Figures below show the longitudinal cracking trend obtained during the optimization process.
As it can be seen, the reaching of the reliability limit is at the 12th year (Fig. 2b) adopting a reduction
of 3 cm, and at 16th year referring to a reduction of 2 cm (Fig. 2c). Reducing the base layer thickness
of 1 cm, all performance parameters are verified, obtaining a reliability of 90.30% in the case of
longitudinal cracking test (Fig. 2d).

At the end, the optimized CFS (Fig. 5a) consisted of the following layers succession, placed on
a natural soil AASHTO Class A-4:

– Compacted Soil AASHTO Class A-3 characterized by a thickness of 40 cm;
– Unbounded Crushed gravel foundation of 15 cm;
– Asphalt concrete base layer characterized by a thickness of 12 cm;
– Asphalt concrete binder of 5 cm;
– Asphalt concrete wearing-course of 3 cm.

3.2 Full Depth Section – FDS

The FDS optimization process (Fig. 1b) was defined on the basis of the obtained reliability values,
which were next to 100% for all performance parameters, with the exception of the value relative
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Figure 3. FDS optimization.

to the AC rutting (96.69%), in analogy with the CFS (Fig. 1a), though the FDS was characterized
by the absence of foundation.

The same optimization iter developed in Paragraph 3.1 was performed, achieving to a new FDS,
characterized by a thickness reduction of 2 cm for the wearing-course, and a reduction of 1 cm both
for the binder and base. The same reliability values of the performance parameters estimated in
the case of the optimized CFS (see Paragraph 3.1) were obtained, with the exception of the value
relative to the AC rutting, which was higher than that one of the FDS (99.46% vs 98.51%), even
though the FDS was characterized by the absence of foundation.

The optimized FDS (Fig. 5b) consisted of the following layers succession, placed on a natural
soil AASHTO Class A-4:

– Compacted Soil AASHTO Class A-3 characterized by a thickness of 40 cm;
– Asphalt concrete base layer characterized by a thickness of 12 cm;
– Asphalt concrete binder of 5 cm;
– Asphalt concrete wearing-course of 3 cm.

The analysis showed a greater base thickness reduction, for example equal to 3 cm or to 2 cm,
leads to a missed verification in terms of reliability referring to the longitudinal cracking. Precisely,
the reliability values corresponding to reductions of 3 cm and of 2 cm were 82.57% and 86.13%
respectively; the reaching of the admissible damage occurred on the 130th (Fig. 3a) and on 179th
month (Fig. 3b).

3.3 Semirigid Section – SRS

The analysis of the SRS (Fig. 1c) put on evidence a reliability deficit referring toAC layers (wearing-
course and binder) rutting, showing a corresponding value equal to 64.38% (versus the assumed
limit of 90%), which was very low compared with the predicted reliability for the other parameters,
values next to 100%. This performance deficit could be overcome modifying the particle size
distribution of the aggregates and/or using a bitumen with a lower penetration grade; however, since
the considered mix designs of AC layers (wearing-course and binder) were selected in according to
the Italian Roads Pavement Catalogue and to the main Italian technique specifications, the problem
was resolved by a modify of layers thickness.

The drop of AC rutting reliability of the SRS (64.38%) versus the reliability value corresponding
to the CFS (see Paragraph 3.1) was due to the greater stiffness of the base layer, because of the use of
different material types (asphalt concrete for the CFS, stabilized cement for the SRS). Tests showed
a further stiffening of the layers at the bottom of the pavement section by a thickness increment
leads to a worsening: for example increasing of 5 cm the foundation the predicted reliability was
63.7%, while modifying the base thickness from 13 cm to 15 cm the reliability value was equal to
61.04%. Also the thickness increment of the layers at the top of the pavement caused a drop of the
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Table 1. Reliability values summary of the optimized SRS.

Distress Reliability Distress Reliability
Performance criteria target target predicted predicted Acceptable

Reliability summary
Terminal IRI (in/mi) 172 90 105.2 98.85 Pass
AC Surface Down Cracking 2000 90 3.5 99.98 Pass

(Long. Cracking) ft/mile):
AC Bottom Up Cracking 25 90 0 99.999 Pass

(Alligator Cracking) (%):
AC Thermal Fracture 1000 90 1 99.999 Pass

(Transverse Cracking) (ft/mi):
Chemically Stabilized Layer 25 90 N/A

(Fatigue Fracture)
Permanent Deformation 0.25 90 0.13 99.43 Pass

(AC Only) (in):
Permanent Deformation 0.75 90 0.4 99.999 Pass

(Total Pavement) (in):

reliability index: for example, the reliability values corresponding to a binder thickness of 7 cm
and then of 8 cm were 65.66% and 58.09%.

In order to guarantee an AC rutting reliability of 90%, a thickness reduction both of the wearing-
course and of the binder was performed. In details: reducing of 1 cm firstly the wearing-course
and then also the binder, the predicted reliability values were 78.48% and 89.66% respectively;
moreover, a further increment of reliability index (97.77%), corresponding to a thickness decrement
equal to 2 cm for the wearing-course and to a 1 cm for the binder in the considered SRS, was
obtained.

An improvement of SRS performance was achieved leading to 10 cm the thickness of the base
layer, reaching reliability values next to 100% (Tab. 1) for all parameters.

The optimized SRS (Fig. 5c) consisted of the following layers succession, placed on a natural
soil AASHTO Class A-4:

– Compacted Soil AASHTO Class A-3 characterized by a thickness of 40 cm;
– Unbounded Crushed gravel foundation of 15 cm;
– Cement stabilized base layer characterized by a thickness of 10 cm;
– Asphalt concrete binder of 5 cm;
– Asphalt concrete wearing-course of 3 cm.

3.4 Inverted Section – IS

The “Inverted Sections” is characterized by the interposition of an unbounded crushed gravel
layer between the asphalt layers on the top of the structure (wearing-course and binder) and the
AC base. The first experimentations in situ were performed in USA at the beginning of 1970
(Illinois Department of Transportation 1972), with the aim to reduce the cracks propagation in the
road pavement structure; then other study were accomplished in order to evaluate its effectiveness
(DOTD 2004).

All tests performed considering the IS in Figure 1d were verified, with the exception of rutting
the predicted reliability of which was equal to 66%. The following analyses were accomplished
firstly modifying the thickness of wearing-course, binder, and AC base. In details: referring to
rutting, AC surface down cracking and AC bottom up cracking, the thickness reduction of 2 cm for
the wearing-course and of 1 cm for the binder led to reliability values equal to 75.35% (rutting),
79.14% (AC surface down cracking) and 88.37% (AC bottom up cracking), while increasing of
2 cm only the AC base thickness the estimated reliability values were 74.18% (rutting), 86.44%
(AC surface down cracking) and 89.10% (AC bottom up cracking).
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Figure 4. Optimization of the IS.
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Figure 5. Optimized sections.

On the other hand, thickness increments of wearing-course and binder allowed to verify the tests
relative to longitudinal and bottom up cracking, with the exception of rutting: for example, in the
case of a section having layers thickness equal to 5 cm for the wearing-course, 6 cm for the binder,
10 cm for the crushed gravel layer and 15 cm for the AC base, the estimated rutting reliability was
79.59%.

The trend of the longitudinal and bottom up cracking indexes, estimated taking into account a
thickness reduction of the wearing-course and of the binder, is shown in Figures 4a, b.

Other results were obtained. For example, the introduction of a stabilized cement layer instead
of the AC base, in order to give a greater stiffness at the bottom of the section, taking into account a
wearing-course thickness of 3 cm and a binder of 5 cm, allowed to verify the AC alligator cracking
test, but not the rutting (80.06%) and the AC surface down cracking (80.49%) tests. In particular,
different solutions were accomplished introducing, instead of the binder, an AC layer with a greater
thickness characterized by a mix design used for base layers, and reducing the thickness of the
stabilized cement base.

The obtained optimized IS (Fig. 5d) consisted of the following layers succession, placed on a
natural soil AASHTO Class A-4:

– Compacted Soil AASHTO Class A-3 characterized by a thickness of 40 cm;
– Cement stabilized base layer characterized by a thickness of 10 cm;
– Unbounded Crushed gravel interlayer of 10 cm;
– Asphalt concrete layer of 10 cm;
– Asphalt concrete wearing-course of 3 cm.

A reliability values summary is in Table 2.
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Table 2. Reliability values summary of the optimized IS.

Distress Reliability Distress Reliability
Performance criteria target target predicted predicted Acceptable

Reliability summary
Terminal IRI (in/mi) 172 90 108.7 98.21 Pass
AC Surface Down Cracking 2000 90 22.1 97.16 Pass

(Long. Cracking)(ft/mile):
AC Bottom Up Cracking 25 90 0.1 99.999 Pass

(Alligator Cracking) (%):
AC Thermal Fracture 1000 90 1 99.999 Pass

(Transverse Cracking) (ft/mi):
Chemically Stabilized Layer 25 90 N/A

(Fatigue Fracture)
Permanent Deformation 0.25 90 0.17 90.1 Pass

(AC Only) (in):
Permanent Deformation 0.75 90 0.49 99.81 Pass

(Total Pavement) (in):

4 EVALUATION OF EFFECTS INDUCED BY THE DESIGN PARAMETERS

The optimized sections (Fig. 5), obtained by the iter described in the 3rd Paragraph, are approx-
imately equivalent in terms of reliability referring the considered performance parameters (see
Paragraph 2). The second stage of the study consisted of evaluation of the effect produced varying
the performance and/or the typologies of the materials, at parity of design solution and operative
conditions (clime, traffic, etc.). In particular, the performance characteristics of compacted soil
layer and of the natural soil subgrade and the bitumen penetration grade for the AC layers were
taken into account. The results are shown in the following paragraphs.

4.1 Compacted soil layer

The analysis was performed firstly considering different soil class and then varying only the
thickness of the layer, in order to evaluate the sensitivity of performance indexes.

In particular, the assumption of a A-1-a class didn’t produce substantial performance variations
in the optimized sections, with the exception of the IS, for which the AC rutting reliability index
decreased to a lower value than 90% (86.31%), because of the stiffness increment caused by the
use of this soil class.

On the other hand, adopting the soil A-2-5 class, in the case of the CFS and the FDS the AC
surface down cracking reliability index became 85.44% for the CFS and 79.38% for the FDS, while
substantial performance variations were not with regards of the SRS and the IS.

Other results were obtained. In particular, the elimination of the compacted soil layer did not
change the performance of the SRS and the IS (the reliability indexes are greater than 90%), but
led in the case of the CFS and the FDS to values of AC surface down cracking reliability lesser than
90% (82.85% for CFS and 67.63% for the FDS). The AC surface down cracking reliability index
of the FDS decreased also varying the layer thickness. In fact, referring to the soil A-3 class, for
layer thicknesses of 30 cm and of 35 cm the reliability index becomes equal to 88.95% and 88.56%
respectively; on the contrary the CFS satisfied all tests, even though the estimated AC surface down
cracking reliability index is next to the admissible limit.

4.2 Subgrade

The study was accomplished taking into account different soil classes.
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Results showed only the SRS was not influenced by the class type of soil, because of the stabilized
cement base layer, which allows the overlay system is not too influenced by the stiffness of the
bearing surface.

A significant reduction of the performance of the CFS, the FDS and the IS, with values of AC
surface down cracking reliability equal to 79.69%, 78.19% and 85.14% respectively, occurred
selecting the soil A-2-4 class. In particular, the IS got a rutting reliability index equal to 85.57%.

On the contrary, the use of soil A-6 class led to an increment of the AC longitudinal cracking
reliability indexes, which were 91.66% for the CFS and 91.44% for FDS. The IS performance
was substantially the same obtained selecting the soil A-2-4 class (the rutting reliability index was
90.02%).

4.3 Bitumen penetration grade

Instead of a penetration grade 85-100 were considered penetration grades of 60–70 and of 120–150.
The first case led to the increment of the AC rutting reliability indexes of all sections, with a

value equal to 96.75% for the IS and next to 100% for the CFS, the FDS and the SRS. On the
contrary, the use of the bitumen Pen. Grade 120–150 did not allow to verify the tests. In particular,
the AC surface down cracking reliability index was 87.64% for the CFS and 86.80% for the FDS
respectively, while the rutting reliability value was 87.39% for the SRS and 70.95% for and IS.

5 CONCLUSIONS

In this paper theAuthors present the results obtained analysing different pavement typologies (CFS,
FDS, SRS and IS) at parity of operative conditions (clime, traffic) by the M-E PDG v.1.003 software.
Starting from sections defined by the Italian Catalogue, design solutions were developed in order
to inhibit the main distress modes (top-down cracking, bottom-up cracking, thermal cracking and
rutting). Then, the influence of several parameters (the presence of the compacted soil layer, the use
of a different soil class, the variation of layer thickness of the compacted soil layer and the use of
different bitumen penetration grade) on the performance of the optimized sections was evaluated,
achieving to useful suggests for the design of flexible and semi-rigid pavements. Assessed the
substantial equivalency among the optimized sections in terms of performance reliability, results
showed:

– The performances of the CFS and the FDS decrease significantly using for the subgrade nat-
ural soil with low bearing capacity, for example decreasing the assumed compacted soil layer
thickness (40 cm) of the optimized section or eliminating it or using materials of inferior quality;

– The FDS needs a compacted soil layer thickness not lesser than 40 cm;
– The performance of the SRS does not depend on the class type of the compacted soil layer/natural

soil subgrade, since the stabilized cement base layer allows that the overlay system is not too
influenced by the stiffness of the bearing surface. In particular, the compacted soil layer can be
eliminated adopting a subgrade of adequate bearing capacity;

– The IS needs the interposition of a crushed gravel layer between an AC base layer at the top
and a stabilized cement base layer at the bottom of the pavement section. The reliability of
the IS increases using soil layer with low bearing capacity, i.e. characterized by low thickness.
Moreover the IS performance is not influenced by the variation of the characteristics of the soil
subgrade;

– The SRS and the IS are more efficient than CFS and the FDS in opposing to the longitudinal
cracking.

It means the most reliable is the SRS. The trend of the main performance parameters
corresponding to the optimized section (Fig. 5c) is shown in Table 1 and in Figures 6.
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Figure 6. Trend of the main performance indexes of the optimized SRS.
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ABSTRACT: In 2–3 years after completion, reflective cracking is often found in cement stabilized
base asphalt pavement in China due to traffic load and environmental factors. The objective of this
study is to develop simple models to predict reflective cracking growth life for such pavements.
Based on finite element method and fracture mechanics theory, it founded prediction models
of cracking spacing and reflective cracking growth life and introduced them to structure design
procedure finally. It’s observed that using low modulus base is effective in increasing cracking
space. Paving asphalt layer at early time has insignificant effect on reducing cracks. It’s also found
that cracks appearing at the surface of the base extending 10–20 cm downward may make the bottom
of asphalt layer crack under traffic loading. The study shows surface modulus, surface thickness and
base modulus are the main factors to influence on reflective cracking growth life for such pavements.

1 INTRODUCTION

The typical asphalt pavement in China consists of three layers, a layer of 15 to 18 cm hot mix
asphalt mixture, a layer of approximately 40 cm semi-rigid base and lime treated subgrade. The
material of cement stabilized macadam with high intensity, good stability and strong anti-erosion
is widely used as base or subbase in the high-grade pavements. This kind of structure pattern with
strong base and thin surface has good bearing capacity and high economy. However, the project
practice indicates that reflective cracking is one of major early distresses in new constructed cement
stabilized base asphalt pavement.

Reflective cracking will destroy the continuity and weaken the intensity of pavement structure
to some extent, such as increasing deflection and decreasing resilient modulus around the cracks.
Especially when the rainwater or snow saturates into the cracks, it will appear relaxation, erosion
and slurry in the base under repeated loading and break up asphalt layer of two sides of cracks,
consequently influence pavement performance and service life.

Most researches related to shrinkage cracking in cement stabilized base were focused on shrink-
age performance of mixture material, microcosmic mechanism and crack resistance measures. Only
little theoretical research has been found on shrinkage stress and cracking spacing. For theoretical
research on shrinkage cracking for cement stabilized base, dry shrinkage cracking performance
and indirect tensile strength of two kinds of semi-rigid base materials were studied from laboratory
testing. The performance and space distribution of shrinkage cracking were analyzed during the
construction period (Sun et al. 2003). Based on the elastic theory and concrete strength theory, a
theoretical model for predict thermal cracking spacing in cement stabilized base was developed.
In this study, the compositive effect of dry and thermal shrinkage was considered to predict crack-
ing spacing. Besides, a sensitivity analysis was conducted with several shrinkage related factors
(Shi et al. 2004).
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In the end of the 70s last century, fracture mechanics principle and method to pavement research
field for fracture problem were firstly introduced (Majdzadeh et al. 1980). The fracture mechanics
principle to analyze the reflective cracking mechanics of stress and strain relieving interlayer such
as SAMI, geotextiles, etc qualitatively was applied (Monismith et al. 1982). In the research on
asphalt pavement performance prediction model of SHRP Project, the fracture mechanics to analyze
cracking, such as low temperature cracking and fatigue cracking in asphalt pavement was applied
(Lytton 1990).

To investigate the cracking mechanism further in cement stabilized base asphalt pavement and
inspect their design idea, according to actual pavement diseases, the reflective cracking design
indexes for this kind of pavements were determined in this paper. The reflective cracking growth
life for cement stabilized base asphalt pavement was predicted based on FEM which makes structure
design conform to pavement performance. The final aim of this paper is to optimize the structure
design methods for cement stabilized base asphalt pavement.

2 PREDICTION OF SHRINKAGE CRACKING SPACING FOR CEMENT
STABILIZED BASE

Shrinkage cracking for cement stabilized bases usually results in transverse cracks in a certain
distance along the pavement. In order to determine the standard and criterion of controlling shrink-
age cracking, a FEM model was developed to simulate the shrinkage cracking state with different
material properties and environment condition factors, such as base modulus, moisture loss ratio,
temperature difference, pavement thickness, and etc.

2.1 Basic assumption

• Each layer is composed of homogeneous isotropic linear elastic material, and the influence of
stress relaxation is not considered.

• Dry shrinkage strain distribute evenly in the whole base, while thermal shrinkage strain distribute
evenly in the horizontal direction. Thus, the model could be simplified as a plane strain problem.

2.2 Interface contact friction

The interface contact friction between the base and the lower layer has a significant effect on
shrinkage stress in the base. The Coulomb friction model was introduced to simulate the interface
contact between those two layers in this study (Dowson 2003).

2.3 Temperature field model

During the conservation period, the day-night temperature difference results in the temperature
gradient through the base depth. The temperature gradient decreases gradually through the base
depth. Exponential function as Equations 1–2 was applied to simulate temperature distribution in
the base after cooling (Wu et al. 1996).

where Pi = the surface temperature difference of i layer.
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Table 1. Pavement structure parameters.

Resilient Average temperature
Thickness modulus Poisson shrinkage coefficient

Layer (cm) (MPa) ratio (10−6/◦C)

Base 30 – 0.15 –
Subbase 30 1000 0.20 10
Subgrade – 60 0.35 20

Table 2. Material parameters of cement stabilized macadam.

Resilient Splitting Average dry Average temperature
modulus strength shrinkage coefficient shrinkage coefficient

Structure (MPa) (MPa) (10−6/%) (10−6/◦C)

1 2000 0.27 70.4 6.7
2 4000 0.45 51.2 7.0
3 6000 0.60 50.4 7.3
4 8000 0.72 60.8 7.6
5 12,000 0.93 115.9 8.2

where bi = factor related to the temperature difference velocity along with pavement depth. For the
three layer structure composed of asphalt surface, semi-rigid base and subbase, it generally thinks
that (bsur , bbase, bsub) = (5, 4, 3).

2.4 Fracture criterion

The failure stress was adopted in this study as the facture criterion.

2.5 Material properties

Pavement structure and material properties used to calculate shrinkage stresses in cement stabilized
base are shown in Table 1–2.

2.6 FEM mesh design

The 8-node plane parametric finite element was used in the FEM model. A contact pair was
applied between the base and subbase to simulate constraint effect. The total thickness of model
was determined as one meter, since the significant effect of temperature difference on pavement
structure is usually less than it. The mesh was designed for half of the structure length with no-
rotational constraints at the middle boundary, because of the symmetry of structure and loading.
Since maximum shrinkage stress occurs in the middle of structure, the mesh was design from fine
at the middle to coarseness at the edge. The size of minimum mesh at the middle of pavement
surface was assumed as 5 mm. The friction coefficient was assumed as 0.5, and cohesive sliding
resistance was not considered.

2.7 Sensitivity analysis

How pavement modulus affected on shrinkage cracking spacing is shown in Figure 1.
Shrinkage cracking spacing decreases with increasing base modulus, and there is exponential

function correlation between them. Thus, it is a disadvantageous way to use cement stabilized
base with high strength on account of good correlation between modulus and strength, which may
bring harmful effect on pavement performance. Higher pavement strength means shorter cracking
spacing and higher density cracks that will aggravate destruction effect of reflective cracking on
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Figure 1. Influence of base modulus on cracking spacing.
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Figure 2. Comparison of cracking spacing in three different models.

pavement. However, for long-term durability, it typically requires higher content cement to coat and
protect soil particles. Thus, the optimum cement content and mixture strength will be determined
by combination of cracking analysis in this research and the results of durability tests in future.

After paving surface on no-cracking cement stabilized base at early stage, the moisture content
in the pavement will lose further while dry shrinkage stress will be accumulated constantly. On
account of surface protection, temperature condition in the base will be improved, which causes
thermal shrinkage effect alleviating. According to in-situ project, the models of paving 8 cm lower
surface and whole 18 cm asphalt surface just before winter were built to predict shrinkage crack-
ing spacing respectively. Elastic modulus and average thermal shrinkage coefficient of asphalt
surface were assumed to be 1800 MPa and 2 × 105/◦C respectively. According to the typical envi-
ronment condition during construction period of cement stabilized base in Jiangsu Province of
China (�w = 3%, �T = 10◦C), the effect of paving asphalt surface on shrinkage cracking spacing
is shown in Figure 2.

Even if paving thicker asphalt surface at early stage, which makes shrinkage cracking alleviating
to some extent, using cement stabilized base with higher modulus still tends to have very smaller
cracking spacing, particularly under severe dry and thermal shrinkage. It is found that the improve-
ment of paving surface is limited from a large number of former research results. It is proved that
adopting geosynthetics to deal with cracks can postpone the appearance and growth of reflective
cracking, thus lengthening the service life of asphalt pavement. Thus, to improve pavement per-
formance, it is proposed that shrinkage cracking should be dealt with by geosynthetics such as
fiberglass polyester mat in time before paving surface.
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Table 3. Fracture parameter C and n of HMA.

Fracture parameter

Type of HMA C n

Conventional asphalt, AC-20I 1.25 × 10−5 3.519
SBS modified asphalt, AC-20I 8.64 × 10−6 3.653
Cement stabilized macadam 3.0 × 10−4 4

3 PREDICTION OF REFLECTIVE CRACKING GROWTH LIFE FOR CEMENT
STABILIZED BASE ASPHALT PAVEMENT

3.1 Paris model

The improved Paris model to calculate growth life of anti-cracking is shown in Equation 3
(Paris 1963).

where N = the number of cyclic loading; a = crack length; a1 = the initial length of crack;
ac = crack length corresponding fracture toughness; �K = the increase of K, MPa · m1/2; C and
n = fracture parameter.

In in-situ projects, the stress situation is usually complicated. Especially near crack tips, it is in
the compound deformation state mostly. The simple and biased safe criterion to judge instability
fracture in project was applied, as Equation 4 showing.

where KI = stress intensity factor of mode I, MPa · m1/2; KII = stress intensity factor of mode
II, MPa · m1/2; K∗ = compound stress intensity factor, MPa · m1/2; KIC = fracture toughness,
MPa · m1/2.

In this paper, the initial stress intensity factor was assumed to 0.05 MPa · m1/2. The fracture
toughness of HMA (hot mixture of asphalt) equaled to 0.50 MPa · m1/2. The initial length of cracking
was chosen as 0.5 cm. The fracture parameter C and n of HMA from lab tests are shown in Table 3
(Xu & Wang 2005).

Otherwise, the effect of lower asphalt layer on reflective cracking growth life is far greater than
any other layer. So only the difference of whether adopting modified asphalt or not in the ower
asphalt layer was taken into account.

3.2 FEM model

After completion of cement stabilized base, there are shrinkage cracking inevitably because of
moisture loss and temperature difference. At surface the range of their change is generally greater
than that at the bottom so that the base surface cracks will appear at first. When shrinkage cracking
extends to certain depth, the bottom of thinner asphalt surface will crack. It extends up to the
asphalt surface and down to the base bottom at the same time.

Cement stabilized base asphalt pavement was regarded as a four layer system of plane strain
problem, in which the contact between layers was thought to be fully continuous. The basic structure
parameter is shown in Table 4 and cracking growth models are showed in Figures 3–4. The width
of cracks was chosen as 0.5 cm. The load density q and length 2r equaled to 0.7 MPa and 30 cm
respectively. The singular element was used near the tip. The parametric element was used in the
other part of FEM models.

215



Table 4. The basic structure parameter of pavement.

Thickness Resilient modulus
Layer (cm) (MPa) Poisson ratio

Asphalt surface 18 1800 0.30
Cement stabilized base 30 4000 0.15
Subbase 30 1000 0.20
Subgrade – 60 0.35

Asphalt surface

Cement-stabilized
macadam base

Subbase

Subgrade

Cracking

2r
q x

z

 

Figure 3. The cracking model for base shrinkage crack.
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xq

Figure 4. The cracking model for surface reflective crack.

3.3 Effect of base shrinkage cracking on stress at the bottom of asphalt surface

Under traffic loading stress variety at the bottom of asphalt surface during the course of shrinkage
cracking growth in cement stabilized base is shown in Figure 5.

Along with base shrinkage cracking extending down, the horizontal stress at the bottom of
surface will transfer from compressive stress to tensile stress. Generally, splitting strength used
in lower surface is 0.6 ∼ 1.0 Mpa. Thus, when shrinkage cracking extending down to 10–20 cm in
the base, tensile stress at the bottom of surface will exceed tensile strength and surface will crack
at that time, namely reflective cracking occures. If traffic loading, temperature difference and dry
shrinkage that have not completed being considered, it will extend to the top of surface quickly.
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Figure 5. The horizontal stress distribution at the bottom of surface.
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Figure 6. The effect of surface thickness on cracking extending.

3.4 Sensitivity analysis

In Table 4, only surface thickness was changed and other parameters were kept invariable, the
effect of surface thickness on growth life in the extending course of base shrinkage cracking and
surface reflective cracking is shown in Figure 6. It is found that using thick asphalt surface not
only lengthenes the growth path of reflective cracking, but also alleviates stress concentration, thus
improves the pavement ability to anti- reflective cracking.

Also, only asphalt surface modulus was changed and other parameters were kept invariable, the
effect of surface modulus on growth life in the extending course of base shrinkage cracking and
surface reflective cracking is shown in Figure 7. The growth life of anti-cracking decreases with
increase of HMA modulus, and they are in an approximate exponential correlation, remarkable
especially for surface reflective cracking. The surface with higher modulus will bear more loading
stress, thus aggravate deformation at cracking tip and cracking extending. In winter, on account of
HMA stiffening under low temperature, it is obvious that reflective cracking will occur more easily.

Then, only base modulus was changed and other parameters were kept invariable, the effect
of base modulus on growth life in the extending course of base shrinkage cracking and surface
reflective cracking is shown in Figure 8. Using higher base will make growth life longer. They are
in an approximate logarithmic correlation. Thus, a strong base condition could bear more traffic
loading, improve stress concentration at cracking tip, and delay the extending speed.

217



0.0E+00

1.0E+06

2.0E+06

3.0E+06

4.0E+06

5.0E+06

6.0E+06

7.0E+06

8.0E+06

1000 2000 3000 4000 5000

Surface Modulus(MPa)

G
ro

w
th

 L
if

e(
tim

e)

Base Shrinkage Cracking

Surface Reflective Cracking
(Conventional Asphalt)
Surface Reflective Cracking
(Modified Asphalt)

Figure 7. The effect of asphalt surface modulus on cracking extending.
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Figure 8. The effect of base modulus on cracking extending.

From the results above, it is found that the major design factors have important influence on the
growth life of anti-cracking are surface modulus > surface thickness > base modulus in turn. The
other factors have little effect on prediction precision and could be ignored.

4 REGRESSION EQUATIONS

The pavement models with different structure and material parameters were analyzed by orthogonal
method. Then, the experiential prediction models of shrinkage cracking spacing and growth life of
anti-cracking were founded by regression after parameter normalization.

The regression equation of shrinkage cracking spacing for cement stabilized macadam is showed
in Equation 5.

where L = shrinkage cracking spacing, m; �T = temperature difference, ◦C;�w = moisture loss, %;
E = resilient modulus, MPa; a, b, c, d, e, f = regression coefficients, shown in Table 5.
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Table 5. Regression coefficients of models.

Regression coefficients Tests

Structure a b c d e f R2 RMSE Chi-Square F

Without surface −1.09 2.88 −3.28 −1.72 −5.24 9.63 0.94 0.05 0.52 896
With 8 cm lower surface −0.84 2.37 −2.92 −1.06 −4.82 9.35 0.95 0.05 0.44 963
With 18 cm surface −0.51 2.08 −2.66 −0.50 −4.52 9.08 0.93 0.07 0.47 647

The growth life of anti-base shrinkage cracking Nb:

The growth life of anti-surface reflective cracking Na:
(1) Conventional asphalt for lower surface

(2) Modified asphalt for lower surface

where h1 = surface thickness, cm; h2 = base thickness, cm; E1 = surface modulus, Mpa; h2 = base
modulus, Mpa.

5 DESIGN PROCEDURE

The design procedure to predicting reflective cracking growth life for cement stabilized base asphalt
pavement includes three stages, showed in Figure 9.

6 CONCLUSIONS

The forming and extending course of reflective cracking for cement stabilized base asphalt pavement
was analyzed systematically in this paper. Based on fracture mechanism, the prediction models of
shrinkage cracking spacing and reflective cracking growth life which are the two primary indexes
for reflective cracking introduced to the structure design procedure of cement stabilized base
asphalt pavement finally were found respectively by using FEM. Moreover, the sensitivity analysis
of pavement structure parameters and material parameters was carried on. It is found that using
low modulus base is effective in increasing cracking space. Paving asphalt layer at early time
has insignificant effect on reducing cracks. It is also suggested that it is more effective to adopt
geosynthetics such as fiberglass polyester mat to deal with cracks before paving asphalt, and it
will postpone the appearance and growth of reflective cracking, thus lengthening the service life
of asphalt pavement. It is observed that cracks appearing at the surface of the base extending
10–20 cm downward will make the bottom of asphalt layer crack under traffic loading. The major

219



Traffic
Analysis

Climate
investigation

Material test
Subgrade
analysis

Cracking
criterion

Draft plan
Base material

parameters

Construction time

Whether to consider base
cracking extending

Growth life Prediction of
anti-base shrinkage

cracking

Yes

Growth life Prediction of
anti-surface reflective 

cracking

No

Whether to satisfy
design life

No

Changing
plan

Selection of planConstruction
report

Economic
Analysis

Determination
of plan

Stage 1
Evaluation

Stage 2
Analysis

Stage 3
Selection

Yes

Figure 9. Design Procedure to predicting reflective cracking growth life for cement stabilized base asphalt
pavement.

design factors have important influence on the growth life of anti-cracking are surface modulus >

surface thickness > base modulus in turn.
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ABSTRACT: In order to identify the situation and causes of crack occurrence in the asphalt
pavement with stabilized base constructed in the province of Jiangsu, east of China, a comprehen-
sive survey has been conducted on the five main freeways with different traffic opening time and
a wide range of location. On the basis of the gathered information about the pavement structure,
geological & climatic condition, construction season, construction technique, proactive crack mit-
igating countermeasure, latter maintenance strategy and traffic volume, the data on crack type and
crack development pattern over time have been recorded in a detailed manner stretching as long
as 3–7 years. The influences, base material, traffic volume, and the geo-textile material placed
under the pavement may have on the crack occurrence have also been discussed, while it is found
that the transverse crack occupies the overwhelming majority of the entire crack occurrence, which
exhibits an obvious attribute, that in the initial 3–4 years after opening to traffic, the crack increases
at quite a limited rate, however after this stage, the crack will experience a soaring period until a
relatively stable stage reappears. Also, it is concluded that the pavement near the structures such
as tunnel, bridge and culvert has a much larger crack potential. The summary of the survey results
will hopefully join force to provide data and informative reference to the cracking research society,
while also some useful clues can be drawn from it in terms of construction technique innovation
and improvement.

1 INTRODUCTION

In China, cement stabilized aggregates (CSA) and limestone & fly-ash stabilized aggregates
(LFSA), often referred to as semi-rigid base, have been widely used as the material in the base
since the start of expressway network program in the early 1990’s. Of the current 50,000-kilometer
long expressway network, more than 90% of them have been constructed with the semi-rigid base,
if the portion used in the total 1,900,000-kilometer long road network is considered, this kind of
pavement structure and its material have all the reasons to be paid attention to. As we all know, this
kind of base material is often given the credit for its competence of accommodating heavy traffic as
well as lower cost as opposed to other materials. However, one problem still exists, more and more
complaints have been made by the road community for the susceptibility of the material, when
subjected to temperature and moisture variations, which play a crucial role in the process of crack
initiation in this layer. With the further traffic load applied, the crack will finally propagate from
all through the pavement layer to the surface and that is how a reflection crack is always defined
(Rigo, 1993). As a prerequisite program of a research project on the reflection crack potential of the
asphalt pavement using stabilized base in Jiangsu, an east coastal province in China, an investiga-
tion stretching several years’ time has been initiated covering five expressway sections, which can
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Table 1. Facts of the expressway sections targeted.

NJ airport LX FG(lyg) SX YJ
Expressway name expressway expressway expressway expressway expressway

Asphalt Surface 4.5 cm* 4.0 cm 4.0 cm, 4.0 cm 4.0 cm
Pavement AC-16A** SMA-13 SMA-13 SMA-13 SMA-13

Middle 6.0 cm 6.0 cm 6.0 cm 6.0 cm 6.0 cm
AC-25I Sup-20 Sup-20 Sup-20 AC-20I

Bottom 6.0 cm 7.0 cm 7.0 cm 8.0 cm 8.0 cm
AC-25II Sup25 Sup25 Sup25 AC-25I

Base Upper 17.0 cm 19.0 cm 19.0 cm 19.0 cm 19.0 cm
LFSA CSA*** CSA CSA CSA

Bottom 17.0 cm 19.0 cm 19.0 cm 19.0 cm 19.0 cm
LFSA CSA CSA CSA CSA

Service since 1997 2001 2002 2003 2004
Lowest temperature (◦) −2∼−4 −5∼−7 −5∼−7 −5∼−7 −2∼0
Construction Sequence Base + Base + Base + Base + Base + bottom

winter + winter + winter + winter + asphalt layer +
pavement geogrid + pavement pavement winter + the rest

pavement
Base crack seal with Geogrid Geogrid Geogrid Geogrid
countermeasure **** HMA covering covering covering covering
Pavement crack Fill Cutting and Cutting and Cutting Fill (emulsified
countermeasure (emulsified fill***** fill (emulsified and fill asphalt)

asphalt) (crack glue) asphalt & (DEERY-
asphalt mortar) MC180)******

* Thickness of the surface layer of asphalt pavement;
**The constituent ofAC-16A,AC-25I,AC-25II, SMA-13, Sup-20, and Sup25 is referred to (Yang et al., 2006);
*** 5% Portland cement is added, so are other CSA listed in the above table;
**** means the crack initiated in the base layer before the asphalt layer is laid down and its countermeasure
during the construction process;
*****Before the sealant material is filled, the existing cracking will be cut into some specified profile in order
to achieve a better durability and function;
******A proprietary product whose constituent is not revealed.

serve to represent the main geographical and climatic coverage in Jiangsu. The main focus of the
investigation is the developing trend of the cracking number and their length distribution during
the developing process.

2 BASIC FACTS OF THE EXPRESSWAY SECTIONS TARGETED

In the following Table 1, the basic facts of the expressway sections investigated are listed, including
pavement structure arrangement, base material, construction year and sequence, weather condition
and etc.

3 DETAILED SURVEY RESULTS OF EACH SECTION

3.1 NJ airport expressway

This road section was open to traffic in 1997 and the total length the field investigation covered
is 28 kilometer; how the crack has developed over years (1998–2004) is shown in the following
Table 2. Due to the fact that, blocking crack, fatigue crack and edge crack have been rarely found
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Table 2. Crack development over years in NJ airport expressway (1998–2004)*.

Year 1998 1999 2000 2001 2002 2003 2004

Crack number 0 29 539 157 2014 1817 1463

*The crack number listed in Table 2 includes both the new emerging ones and the re-crack after the crack
handling carried out, and the minor crack that not observed by naked eye is not recorded. Since 2000, a cracking
filling job has been carried out on a yearly basis. Due to the fact of the similar crack handling strategy, material
and relatively similar crack fill & seal frequency of each year; the data available is qualified enough to serve
to provide a picture of the crack developing trend and pavement deteriorating rate.

Figure 1. The in-situ longitudinal and transverse crack.

in this road section before 2004 (Miller & Bellinger, 2003). Nearly all the cracks taken into count
are transverse crack and longitudinal crack. The photos taken from the site are shown in Figure 1.

From Table 2, it is found that in the initial two years after the road is opening to traffic, there
are quite limited number of cracks being found from the asphalt pavement surface; since 2000, the
crack number has experienced a moderate increase, which leads to a decision of regular cracking
filling job on a yearly basis since then. In the year of 2002, which is 5 years after opening to the
traffic, the crack number began to be subjected to a rapid increase. Since then, the crack has shift
itself back to a “stable” stage, with the crack sealing and filling practice, the crack found was even
decreasing, which in fact in some way proves the result of battle between the possibility of new
emerging crack and the sustainability and effectiveness of the sealant material.

Since 2004, especially after 2005, the crack number has been recorded in a more detailed and
frequent manner, which has listed the crack number in both northbound and southbound direction,
as well as the crack type being identified. The following Table 3 lists crack development over years
from 2004 to 2006 covering all the section.

During the time covered in Table 3, the fill and seal job has been carried out twice, as marked in
the table, it shows clearly that most of the cracks are transverse crack and most of the cracks have
developed themselves in the cold season, when the pavement material is subjected to the severe
shrinkage induced by the low temperature. In the summer season the crack seldom develops. Also a
considerable difference has been found between crack appeared in the northbound and southbound,
especially the transverse crack, which will mainly be attributed to the difference of the traffic volume
and load spectra in the two directions. The results have also been verified by many other researches
and field surveys.
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Table 3. Crack number over years in NJ airport expressway (2004–2006).

Survey date 04.2004** 09.2005 12.2005 03.2006** 06.2006 09.2006

Transverse Northbound* 509 284 408 431 15 23
crack Southbound* 550 334 531 566 78 89
Longitudinal Northbound 29 25 83 86 3 14
crack Southbound 54 46 70 71 7 11

*The northbound is the direction from the airport to the downtown.
The southbound is the direction from the downtown to the airport.
It should be noted that the data in Table 2 for the cracking number of 2004 is recorded in July of that year.
** After which, a fill and seal job has been carried out, before the new round survey. Winter season where the
expressway section locates is usually from December to March with the lowest temperature around −4∼−2◦C.
And the summer season is usually from May to September with the highest temperature around 35∼38◦C.

Table 4. Number of cracks in different length in LX expressway in 2005 and 2006.

Cracking number x > 20 m 20 m > x > 15 m 15 m > x > 10 m 10 m > x > 5 m 5 m > x > 3 m 3 m > x

2005 Eastbound 24 13 77 160 152 55
5.0% 2.7% 16.0% 33.3% 31.6% 11.4%

Westbound 20 9 10 84 87 28
8.4% 3.8% 4.2% 35.2% 36.6% 11.8%

2006 Eastbound 8 11 92 196 159 147
Westbound 9 3 77 181 220 215

3.2 LX expressway

The section targeted is 236 km and it was open to traffic in 2002. The current annual average daily
traffic (AADT) is 12,000. In the first two years after it was open to traffic, quite limited crack was
detected, which was mainly developed in the vicinity of the structures (bridges, culvert and etc).
Since 2004, the pace of crack occurrence began to increase. Since 2005, two rounds of full range
crack investigation have been initiated. By the year of 2005, the crack in length was 7612 meter
and the total length in 2006 was 17,518 meter. What is unique about the survey in this section is
that the number of cracks in different length is recorded in a detailed manner. The following Table
4 and Figure 2 show the crack in different length detected in 2005 and 2006.

In this expressway section, the fill & seal job was only carried out occasionally before 2005, which
can nearly be neglected for the purpose of the cause query of cracking development. Therefore,
it is appropriate enough to think in this way that the data of 2005 listed in Table 4 can be used
to describe the crack severity of the pavement open to traffic for 3 years influenced only by the
structure deterioration, traffic load and weather action. While to the data of 2006, due to a full
range fill and seal job, some information was covered especially at a time when the data after 2006
is not available. So the following discussion will mainly be based on the data achieved from the
survey carried out in 2005.

It is found from Table 4 and Figure 2 that for the cracks in all length notified in the data, the
crack number in the eastbound lane is much larger than that of the westbound lane, which can be
explained by the different load magnitude of the traffic in two directions. Because this expressway
is a key channel for the shipping of the coal to port lied in the east end of the expressway and there
are much more heavy trucks traveling to the eastbound direction. Also it is found that after open to
traffic for three years, the length of the cracking found in the pavement surface covers quite a range,
still a distribution pattern has been revealed. During the survey, it is found that an overwhelming
majority of the cracks in a length more than 15 meter appear to be longitudinal cracks, as a matter
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Figure 2. Cracks in LX expressway in 2005 and 2006.

of fact, this number is quite small, while most of cracks in a length below that value turn out to be
transverse crack; furthermore, from the data listed in Table 4, it is found that cracks with a length
falling into the range of 5–10 m and 3–5 m occupy nearly two thirds of the total cracks, while both
of them take a roughly 30% and the cracks in a length below 3 meter occupies a roughly 10% of
the total cracks.

3.3 FG (lyg) expressway

The section targeted is 85 km and it was open to traffic in 2002, with a larger traffic volume in the
southbound lane as opposed to the northbound lane, the AADT is 8000. The base of this section
was constructed at the end of 2001 and experienced a winter before the pavement was laid; during
this period of time, crack with a spacing around 20 m has occurred in the base layer. The crack
was 1 mm∼3 mm in width. Before the pavement layer has been laid, the crack in the base layer
has been dealt with the fill of emulsified asphalt, and then a layer of glass-fiber grid, with a width
spanning 1.5 m over the crack, was installed right on the underseal layer wherever a crack existed
underlying. However, some problems were found right after the construction that the bond between
the gird and underseal was too poor to fulfill its function that expected. As a result, some changes
were made during the construction that the grid was installed after the bottom layer of pavement
had been in place, with the exact installing position point marked beforehand. In March, 2003, a
full coverage investigation along the routine was carried out for the first time, and the data of the
same scale and pattern in 2004, 2005 and 2006 are also available, shown in the following Table 5.

From Table 5, it is found that, nearly no crack was developed in the first year after its opening
to traffic, among which the crack induced near the structures such as bridge, tunnel, and culvert
occupies a great majority of them. Still, the pavement kept its stable state in terms of the crack
developing in the second year after opening to traffic. In 2006, the number of the crack has
encountered a rapid increase; the increasing pace was as large as tenfold compared with that of the
first two years. And also a conclusion can be drawn that the crack developed near the structures
contributed considerably to the total crack number, though the percentage it has taken exhibit a
tendency to drop over the pavement service life. The cause of this kind of crack should be attributed
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Table 5. The crack situation in FG (lyg) expressway (2003–2006).

Crack number 2003 2004 2005 2006

Northbound Total 10 37(27)* 57(20) 341(284)
Crack near structure ** 7 20 35 83

Southbound Total 9 61(52) 80(19) 354(274)
Crack near structure 6 36 46 70

* The number in the parentheses denotes the newly emerging crack.
** denotes the crack developed within the range of 10 meters from structures such as bridge, tunnel
culvert and etc.
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Figure 3. The number of the crack in different length.

to a great reliability of the differential settlement of the sub-grade caused by the structure, therefore,
an improved construction technique and design procedure will be highly applauded to combat the
crack in the pavement.

3.4 SX expressway

This section targeted is 95 km and it is opening to traffic in September 2003, with an AADT of 1550
in 2006. The construction sequence is the same as that of the aforementioned 3 sections that the
base layer had experienced a winter before the pavement was laid. What is unique for this section
to be targeted is its recognized well sub-grade support.

After opening to traffic, two full range crack investigations have been initiated in December,
2005 and December, 2006 separately. In 2005, the total length of the crack was 2889.75 m and
thereafter a crack fill and seal job was put in place to address the entire crack found, and in 2006
the investigation was carried out at nearly the same period of the last year. In 2006, the total length
of the crack found is 543.7 m. In the following Figure 3, the number of the crack in different length
is listed.

From Figure 3, it is found that in 2005, the length of the individual crack has covered quite a
range, from as large as 20 meter to several centimeters. The majority of the crack falls in the range
of 4–14 meters, while that above and below that range are relatively small. However, with regard
to the investigation data of 2006, most of the cracks found are below 6 meter in length, and only
14 of them are due to the failure of the fill & seal material and 27 of them due to the propagation
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Table 6. The cracks number of YJ expressway in 2004 and 2006.

Location Crack near structures Crack over poor sub-grade Regular crack

Number 2004 56 5 43
2006 163 5 188

Percent (%) 2004 53.8 4.8 41.4
2006 45.8 1.4 52.8

of the old crack, which means over 90% of the fill & seal has survived the one year traffic and
climatic influence. Something else unique about the pavement was its crack filling material and the
installation technique, that the installation of the fill material is divided into two phases. However,
till now there is no related research carried out to verify its effectiveness to the crack retarding.
Another situation worth paying attention to is the relatively lower AADT compared with other
sections mentioned above, such as LX expressway with its AADT of 12,000, in which the one-year
surviving rate of the crack filling material is quite small, as it is discussed above.

3.5 YJ expressway

This section targeted was 120 km and it was open to traffic in 2004, with the AADT of 2006 as
large as 70,000. What is unique about this section compared with others is that the base has not
experienced a winter before the bottom layer is laid down. Right at the end of that year when the
road was open to traffic, 104 cracks were found with a total length as large as 1194 meter. In order
to distinguish the power of different factors that may lead to cracks, the crack developed was mainly
classified into 3 categories based on its location, that is, cracks near the structures (culvert, bridge
and special channel etc), cracks in the section with poor sub-grade and other regular cracks. The
following Table 6 shows the investigation results following this categorization carried out in 2004
and 2006.

From Table 6, it can be concluded that in the first year, the crack has developed in a much
larger number compared with other sections discussed above. Two possible causes may be tracked
for its unsatisfied performance early in the first year opened to traffic, the huge traffic volume
compared with other sections covered in this survey, and its special construction consequence that
prevent the base layer from experiencing a winter season to allow for pre-cracking of the base layer,
which could reduce the tensile stress in the asphalt pavement layer dramatically and deter the crack
propagation process to a great degree. From the data listed above, it is also found that both the
regular crack and crack near the structures occupy a similar percentage of the total cracks, while
the number of crack over poor sub-grade is quite small. In 2006, both the regular crack and crack
above the structures have experienced a leap increase.

4 CONCLUSIONS

From the survey several conclusions and suggestions can be summarized as follows:
With proper construction, the typical pavement structures with semi-rigid base used in Jiangsu

can sustain 3–4 year with only quite few or no cracks found.
An overwhelming majority of the cracks that appear are transverse cracks, most of which are

propagated from the base cause. Most of the longitudinal cracks found are due to the poor sub-grade
or embankment. Meanwhile, a large number of cracks have developed themselves over or near the
structures.

Most of the cracks begin to appear in the pavement surface in winter season, except for the
knowledge that the material is more likely to shrink subjected to lower temperature, its potential
implication to the cracks propagating process associated with stiffer pavement layer and special
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moisture situation under low temperature is also worth further study by means of some controlled
tests or theoretical analysis.

Aside from its inherent defect in abrasion stability and durability, LFSA is a qualified base
material with regard to its function to be free of crack.

The installation of geo-textile grid is quite effective when dealing with the cracks propagation.
However, the suitable construction technique should be in place to secure a desired bond between
the grid and the base layer. However, the length of the gird covering the cracks should be determined
in a more sophisticated way.

In order to lower the likelihood of reflection cracks, it is necessary and helpful to leave the base
layer exposed to a cycle of winter season before the pavement layer is laid.
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ABSTRACT: Due to its high strength and stability, semi-rigid material is widely used as base
course of asphalt pavement on expressways in China. However, because of the high shrinkage
potential and poor fatigue resistance, the reflection cracking is prone to occur in asphalt pave-
ment with semi-rigid base. In the paper, both mechanics analysis and indoor test were applied to
evaluate the effect of the asphalt sand stress absorbing interlayer (ASSAI). Firstly, through three
dimensional FEM methods, the technical requirements of ASSAI which meet with the demand of
cracking resistance were put forward. According to the analysis results, the anti-fatigue property
is ideal when the structural thickness of this layer is between 2cm and 3cm. It is suitable when the
modulus of ASSAI materials is between 400MPa and 800MPa. The improved Superpave method
was used to design the asphalt sand stress absorbing interlayer, which used rubber asphalt as binder
material. Meanwhile, the relative performance of ASSAI mixture, such as cracking resistance, rut-
ting resistance, water susceptibility and permeability, were evaluated in the research. It is proved
that ASSAI made with rubber asphalt could meet the demands of these performances according to
the design standard.

1 BACKGROUND

At present, there are many ways to prevent reflection cracking occurring in asphalt pavement with
semi-rigid base. The concept to reduce reflection crack in semi-rigid base asphalt pavement mainly
includes that, (1) using better material of asphalt mat and base; (2) increasing the thickness of
surface layer to restrain crack from base course; (3) optimizing pavement structure to solve this
problem (Lu 2004). For instance, sand stress absorbing interlayer (SSAI) which has lower modulus
of elasticity and higher ductility is applied to slow up the development of reflection crack. The
existing experience has proved that the application of ASSAI could mitigate reflection cracks
effectively.

Asphalt sand stress absorbing interlayer, which is paved between asphalt course and base course,
is a fine graded hot-mix asphalt layer. In order to achieve the aim of decreasing the initiation and
propagation of cracking, the aggregate with the size of not exceed 9.5 mm is mixed with modified
asphalt to pave ASSAI, and higher amount of bituminous binder is used in this material. As a result
of the higher amount of binder and fines, the ASSAI mixture has excellent waterproof performance
and fatigue resistance. The elasticity modulus of ASSAI is low. For the higher deformability, it can
absorb stress to sustain high strain in pavement structure without breaking and prevent strain from
transferring to surface layer. Alleviating the stress concentration of cracking tip on consideration
of the structure, ASSAI can prolong the time that cracks reflect from base course to surface layer.
Therefore, ASSAI has a notable effect of anti cracking.
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Figure 1. Analysis model using finite element.

Table 1. Parameters of road structure material.

Parameters Asphalt mat Base course Subgrade

Thickness h (cm) 18 40 350
Young modulus E (MPa) 1800 1500 40
Poisson ratio µ 0.25 0.25 0.35

2 MECHANISM ANALYSIS

2.1 Construction of mechanical model

In order to analyze the mechanism of stress absorbing effect of ASSAI, pavement structure on
semi-rigid base was taken as linear elastic system of four layers (Wu 2006), including surface layer,
interlayer, base course and subgrade. The four layers were assumed as uniform, homogenous and
continuous in contact. Surface and base layer are assumed to be 10 m in length while subgrade is to
be 12 m. With the two end of the model fixed during calculation, the interlayer is located between
semi-rigid base and asphalt surface, considering 1cm crack cutting through the base. The model is
shown as Figure 1.

Size of layers and parameters of material are exhibited as Table 1.

2.2 Assumption of load

A BZZ-100 standard load is exerted in the modeling with axle load of 100 KN and tyre pressure
of 0.7 MPa while the contact area between tyre and surface is characterized, for simplification, as
rectangle of 22.75 cm in length and 15.65 cm in width (Figure 2). According to the study available
(Fu 1999), deviating load is the main cause of reflection cracking. Therefore in the analysis, the
deviating load is focused while the condition that the load evenly distributes above the crack is
ignored. Figure 3 shows the worst load position.

2.3 Analysis of pavement structure

Analyzing by ABAQUS, we select different elasticity modulus and thickness for the interlayer.
Accordingly to the output, the optional elastic modulus and thickness for the interlayer are finally
identified on control of appropriate indices.
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2.3.1 Optimal modulus for ASSAI
The results of the calculation is shown in Figure(4–7) with the control indices of maximum tension
stress σy max in the bottom of surface layer and maximum shear stress τyz max, maximum nominal
stress σ1 max of surface layer, as well as maximum pavement deflection l.

Effective method should be adopted to decrease σy max and τyz max in order to alleviate the reflection
crack caused by loading effect. If the thickness is confined to 2 cm, the interlayer will work best
when its modulus is between 400∼800 MPa. Meanwhile, τyz max and σ1 max are also at a low level.

2.3.2 Optimal thickness for ASSAI
Based on the conclusion above, optimal modulus for ASSAI is between 400∼800 MPa in condition
that of the thickness is confined to 2 cm. In the other aspect, it is necessary to determine the optimal
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thickness for ASSAI when modulus is kept constant, such as 400 MPa, 600 MPa and 800 MPa. The
analysis results of SSAI with the modulus 600 MPa are shown in Figures (8–11); and the similar
tendency can be drawn while the modulus of ASSAI is 400 and 800 MPa.

From the curve chart under fixed parameters of pavement structure, it is evident that optimal
thickness for ASSAI is 2∼3 cm while no much decrease of σy max is observed with the increase of
the thickness. Also it is obvious that there will be little influence on σy max, σ1 max and l with the
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Table 2. Rubber asphalt testing results and specifications.

Testing items Units Testing results Technical requirements Testing method

Penetration 0.1 mm 67 60–80 T0604-2000
(100 g, 5 s, 25◦C)
Softening point ◦C 62 ≥ 60 T0606-2000
(Ring and Ball)
Ductility cm 31 ≥ 30 T0605-1993
(15◦C, 5 cm/min)
Elastic recovery % 70% ≥ 65 T0662-2000
(25◦C)
Relative density — 1.023 — T0603-1993
(25◦C)

Table 3. Technical requirements of aggregate quality and testing results in SSAI.

Testing items Testing results Technical requirements

Aggregate crushing value (%) 22.9 ≤ 24
Los Angeles abrasion value (%) 26.4 ≤ 28
Water absorption (%) 0.6 ≤ 2.0
Adhesion 4 ≥ 4
Soundness (%) 3.6 ≤ 12
Flat-elongated particles (%) 5.6 ≤ 15

increase of ASSAI thickness. To sum up, 2∼3 cm for the thickness of asphalt sand stress absorbing
interlayer is recommended.

3 RESEARCH ON ASSAI

3.1 Materials choice

The nature of asphalt may affect the property of theASSAI to a great extent, such as fatigue cracking
resistance and so on. Asphalt should be chosen according to the specific function property of the
ASSAI. The ASSAI mixture should have better deformability and fatigue resistance. Therefore,
some performance indexes of asphalt are strictly required, such as ductility and elastic recovery,
etc (Yang 2005). In the paper, rubber asphalt, which is applied more and more widely in the world,
is taken into the study of ASSAI. The performance results of rubber asphalt are as below (Table 2).

The types of aggregate may have great effect on deformability resistance of mixture while
it has little effect on fatigue cracking and thermal cracking [Li 2005]. SSAI is mainly used to
serve the role of alleviating reflection cracking and waterproof, so the nominal maximum size of
aggregates which are mainly machine-made sand should be specified to a limited size, which is
usually 4.75 mm. Mine powder adopts limestone powder and the content of mine powder should
not exceed 1.2 times than the effective asphalt binder content[Li 2005].

3.2 ASSAI mixture design

The typical characteristics of ASSAI mixture could be summarized as: fine grading, high filler
content, high asphalt content, low air void, high VFA and aggregates scattering into the asphalt
mastic formed by asphalt and fillers, which enable this interlayer adhering well to the upper layer and
base course. Therefore, the ASSAI mixture is different from normal HMA on materials formation
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Table 4. The parameter of improved superpave design method for ASSAI.

Superpave design Improved superpave
Testing parameter method design method

Sample size Diameter (mm) 150 100
Height (mm) 95/115/135 63.5

Volume of air voids (%) 4.0 0.5–2.0
Voids in mineral aggregate (%) ≥ 16 ≥ 20
Voids filled with asphalt (%) 65–80 85–98
Filler-bitumen Ratio 0.6–1.2 0.5–1.6
Indirect tensile strength (MPa) (15◦C) – ≥ 0.6
Dynamic stability (times/mm) (40◦C) – ≥ 800
Freezing-thawing splitting residual strength ratio (%) ≥ 80 ≥ 80

Table 5. The recommended gradation range of SSAI.

The aggregates passing percentage (square sieve, mm) (%)

Sieve 9.5 4.75 2.36 1.18 0.6 0.3 0.15 0.075
Upper Limit 100 100 85 70 55 35 20 14
Lower Limit 100 80 60 40 25 15 8 6

SSAI Design Grading Curve - Mix Aggregate
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Figure 12. Design grading curve of ASSAI in the study.

and distribution characteristic of mineral grains. Traditional Marshall design method can not reflect
the deformation characteristic and fatigue resistance of ASSAI mixture. In the study, Superpave
design method that takes the volumetric parameters as its designing standard is improved to design
mix ratio of ASSAI mixture. Design parameters are listed in Table 4.

For the specific function and characteristic of ASSAI which is different from normal HMA, the
fine aggregates account for high proportion in theASSAI mixture, and the choice of gradation range
should accord with some criterions (Shi 2006). According to the study of sand stress absorbing inter-
layer in other countries (Ye 2006), recommended gradation range (Table 5) was selected to ensure
the optimum gradation of ASSAI. Figure 12 lists the design grading curve of ASSAI in the study.

As a result of the specific function of SSAI, the asphalt is applied at a high content. According
to the practical experience, asphalt binder content should be selected between 7.5%∼10.0%. In the
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Table 6. Volumetric characteristic of asphalt mixture at different asphalt binder content.

Testing results under different asphalt
content (%)

Technical index 8.0 8.5 9.0 9.5 10.0

Volume of air voids (%) 1.86 0.92 0.62 0.54 0.55
Voids in mineral aggregate (%) 20.89 21.15 21.90 22.82 23.80
Voids filled with asphalt (%) 91.12 95.63 97.16 97.63 97.71
Filler-bitumen ratio 1.38 1.30 1.23 1.16 1.10

design of ASSAI mixture, 9.0% is chosen as initial asphalt binder content. Volumetric parameters
of SGC (Superpave Gyratory Compact) specimens are listed as follows. In order to achieve the
maximum density of mixture, air void is specified to 0.8% ± 0.3%. Volumetric characteristics of
asphalt mixture at different asphalt binder content are shown in Table 6. Based on the improved
Superpave design method, the optimum asphalt binder content of ASSAI mixture is 8.8%.

3.3 Test of ASSAI mixture performance

3.3.1 Cracking resistance performance
ASSAI is usually placed between asphalt pavement and base course. The working temperature of
ASSAI is mostly between 5◦ and 25◦ (Li Z.Z. 2005). Under the effect of traffic load and change
of temperature, tension stress would occur in ASSAI. The cracking in base course can also cause
tensile stress in ASSAI at the point right above the cracking. The failure in ASSAI is mainly due to
tension stress. Therefore, the performance of cracking resistance is very important for ASSAI at
normal temperatures. In the study, indirect tension test was performed to evaluate the performance
of cracking resistance.

Considering the actual environment of stress absorbing interlayer, the indirect tensile test was
performed under the temperature of 15◦C, with a loading rate of 50 mm/min. Poisson ratio of
asphalt mixture was set as 0.30. The tension strength and stiffness modulus of mixture designed
as stress absorbing interlayer, according to test results, were 1.29 MPa and 760 MPa respectively,
which indicated that the tension strength was relatively high, and its stiffness modulus was bigger
than that of AC-13, indicating a better fatigue resistance[Katyal,1996].

3.3.2 Rutting resistance performance
Rutting resistance is a vital weakness for asphalt sand used as stress absorbing interlayer due to the
high content of fine aggregates, filler, and asphalt content. As a result, stability at high temperature
must be taken into account. Meanwhile, stress absorbing interlayer lies between surface and base
course, so the maximum working temperature in summer is lower than that of surface, which is
about 40◦C. As a result, stress absorbing interlayer calls for a relatively lower dynamic stability.

Hamburg Wheel tracking test device was employed to evaluate high-temperature rutting resis-
tance of stress absorbing interlayer mixture, under a tyre pressure of 0.707 MPa and 40◦C air bath
condition. The test results showed that 10 mm rutting depth was induced by 8650 loading passes
and its dynamic stability, which means the load passes leading to 1 mm rutting depth in wheel
tracking test, was 1040, which met the requirement (more than 800). The rutting development is
shown in Figure 13.

3.3.3 Permeability and water susceptibility
(1) Permeability
The test is performed to evaluate the permeability of ASSAI. Firstly fix the permeability tester onto
the specimen (size of 30 cm × 30 cm × 5 cm) which is ready for the test (Figure 14). And then fill
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Figure 13. The rutting depth of rubber SSAI.

Figure 14. Permeability tester. Figure 15. Specimen for permeability test.

the tester with 600 ml red water in order to observe the water position easily. Open the switch of the
tester quickly and record the volume of water infiltrating in the specimen at the intervals of 60 s.
It is shown in the test that the water level keeps still when dropping to a certain mark (Figure 15).
Thus AASAI has been proved to watertight due to its low volume of air voids.

(2) Water susceptibility
There is rarely serious water damage occurring in ASSAI, for the above layers prevent water
from penetrating into this layer. However, the water may infiltrate into inner layer detained in rainy
seasons and frozen thaw seasons. This results in water erosion to some extent. The water penetrating
into the void ofASSAI mixture decreases the binder adhesion to the minerals, and breaks the asphalt
membrane away from the surface of minerals, leading to looseness of the mixture and liability to
deformation. Therefore, the ASSAI mixture should have adequate water stability and be dense
enough to keep water away from base course, which may erode the base.

The test results indicate that the indirect tensile strength ratio of freeze-thaw condition to the
control condition of the rubber ASSAI mixture is in excess of 80%, and water damage resistance
can meet the requirement. Additionally, due to the dense grading, minor aggregate size, high filler
content and low air void, the stress absorbing layers material is completely impermeable according
to permeability test.
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Table 7. Expense of different reflective crack control measures.

Reflective crack control measures yuan/m2 (RMB)

Geotextile 6.4
Glass fiber grid 7.6
Stress Absorbing Membranes Interlayer 12
ASSAI 29.5

3.4 Expense of different reflective crack control measures

On account of the expense of different reflective crack control measures as is shown in table 7,
ASSAI costs more [Jiangsu, 2004]. However, ASSAI can postpone the occurrence of reflective
crack for at least 2 years which will greatly prolong the life of pavement. Meanwhile, ASSAI can
prevent the water damage due to its watertight characteristic and easy to be produced and paved
by facilities usually used for common hot-mix asphalt. Considering the comprehensive benefit,
ASSAI is a method economical for reflective crack control.

4 CONCLUSIONS

Asphalt sand stress absorbing interlayer is a kind of fine concrete structure which has low elasticity
modulus, perfect deformability and fine anti-fatigue property. It is used between semi-rigid base
course and asphalt surface course in order to delay reflection cracking of semi-rigid base pavement.
The conclusion in the research can be drawn as below.

(1) According to the analysis results, the anti-fatigue property effect is ideal when the structural
thickness of stress absorbed layer is between 2 cm and 3 cm. It is suitable when the modulus of
ASSAI materials is between 400 MPa to 800 MPa.

(2) The raw materials of ASSAI should meet strict requirement for the high performance of ASSAI.
An improved Superpave design method was well applicable in designing the ASSAI mixture.

(3) The ASSAI mixture should have strong resistance to cracking, fatigue effect, rutting and water
damage. As a result, these performances of mixture material should be evaluated by standard
test when designing ASSAI mixture. In the research, it was proved that rubber ASSAI material
could meet the demands on these performances according to the design standard.

(4) Although it costs high, ASSAI can greatly prolong the life of pavement and prevent the water
damage, and it is easy to be produced and paved. So, ASSAI is a solution economical for
reflective crack prevention.
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ABSTRACT: Slab stabilization is the pressure insertion of a flowable material beneath a concrete
slab, in order to restore slab support. The application of such a technique can pose some problems.

Therefore, an experimental study has been performed on the start of the runway (turnaround
bay) of an Italian airport in order to assess the real capability of different types of slab stabilization
techniques to rehabilitate the needed bearing properties. Crack surveys, deflection tests by the FWD
and traditional plate bearing tests on the subgrade have been performed prior and after the four
types of interventions in order to evaluate the structural effects at the centre, at joints and corners
of slabs. The obtained results are useful in assessing the different capability of such rehabilitation
strategies to optimise bearing properties and allow to identify the effect in mitigating reflective
cracking in asphalt overlay.

1 INTRODUCTION

HMA (Hot MixAsphalt) overlays are often applied to an existing rigid pavement when the structural
or functional conditions of the pavement have reached an unacceptable level of deterioration. In
these cases, rehabilitation strategies can include pre-overlay treatments, such as stabilization, in
order to reduce vertical displacement of slabs at joints, therefore delaying cracking occurrence and
controlling crack severity.

The aim of this research was to evaluate the effectiveness of slab stabilization in mitigating HMA
reflective cracking through an experimental program to check the evolution of structural condition
of these slabs.

As above-mentioned, when a given level of deterioration has been reached, prior to selecting
pavement MRR (Maintenance, Rehabilitation and Reconstruction) treatments, it is important to
establish what are the predominant pavement distresses and their causes. Major distresses include
Durability “D” Cracking, Blowups, Corner Breaks, Punchouts, Joint Seal Damage, Transverse
Cracking, Scaling, Longitudinal Cracking, Spalling, Faulting, Alkali Silica Reactivity, Pumping.
Many factors affect MRR strategy development (Zollinger, 2001): (a) Pavement condition (Distress
type, Distress severity, Distress extent); (b) Cause of distress (Structural related, Construction
related, Materials related, Functional related); (c) Traffic (Design ESALs (expected traffic volume
and axle weights); (d) Climate (temperature, moisture, and free-thaw cycles); (e) Rehabilitation
life (Short-term, <5 years; Intermediate-term, 5 to 10 years, Long-term, >10 years).

In this process, pre-testing and a distress survey are usually required in order to select the
most convenient strategy. For example, load transfer inadequacies may be detected through Falling
Weight Deflectometer (FWD) testing. These resulting load transfer efficiencies can vary from
30–50% for aggregate bases, to 50–70% for stabilised bases, to 80–95% when using dowel bars.
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Preservation can be pursued through maintenance (retrofit edge drains, slab undersealing, reseal-
ing joints and cracks, thin asphalt concrete overlay, etc.). Restoration treatments (i.e. Rehabilitation)
include dowel bar retrofit, partial depth repair, full depth repair, slab grouting, bonded concrete
overlay, unbonded concrete overlay, asphalt concrete overlay, etc. Recycle In-place (RIP) and New
Construction (Reconstruction) include remove and replace, remove and recycle, crack and seat,
rubblize, etc.

As above-mentioned, pre-overlay treatments and HMA overlay constitute an available alternative
(Al-Qadi, 2007). In particular, by referring to overlay systems, improved HMA mixes can be used.
Motivations relate to rapid placement, saving, appreciable smoothness, skid resistance, marking
contrast. Joint filling or stabilization can be performed and when needed a levelling course is laid.
Interlayer systems can be used for reinforcement, for stress relief, or in terms of modified HMA
(in order to resist to cracking).

The most important drawback for HMA overlay are reflective cracks. Reflection of cracks
in Hot-Mix Asphalt overlays on PCC pavements represents a serious challenge. Three main
modes can be considered in Reflective Cracking Mechanisms: Mode I (Opening), Mode II (Slid-
ing) and Mode III (Tearing). Vehicle Loading on PCC can cause Crack opening, Shear failure
and Mixed mode. Seasonal variations are usually related to Crack opening (Al-Qadi, 2007). In
mode I loading (opening mode), phenomena result from loads that are applied normally to the
crack plane (thermal and traffic loading). In mode II loading (sliding mode) phenomena result
from in-plane shear loading, which leads to crack faces sliding against each other normal to
the leading edge of the crack (traffic loading). Finally, mode III loading (tearing mode) results
from out-of-plane shear loading, which causes sliding of the crack faces parallel to the crack
leading edge.

As above cited, pre-overlay treatments can help in delaying reflective cracks. The following
classes of pre-overlay techniques can be listed:

a) crack and seat, brake and seat, rubblization;
b) sawing and sealing joints;
c) slab stabilization (for example accompanied by load transfer restoration).

As far as the case of slab stabilization is concerned, it is necessary to remark that faulting,
pumping, voids beneath the slab can induce to consider as useful this particular treatment. Also
called undersealing, subsealing, or pressure grouting, slab stabilization is the pressure insertion of a
flowable material beneath a concrete slab, not in order to lift the slab, but rather in order to fill voids
beneath the slab so that deflections are reduced and, consequently, deflection-related distresses, such
as the above-mentioned pumping or faulting, are prevented or minimized. When slab stabilization
is considered, pre-testing, applicability, materials quality, design details, construction procedures
and post-testing must be carefully considered.

2 EXPERIMENTAL PLAN

In the light of the above-mentioned facts, a theoretical and experimental study was performed on
the start of the runway (turnaround bay) of an Italian airport in order to assess the real capability
of different types of slab stabilization techniques to rehabilitate the needed bearing properties. The
experimental program was carried out according to the following main steps:

– Slab trenching in order to validate design information on layers typology and thickness;
– Plate bearing tests on the subgrade;
– Cracks survey before the stabilization;
– FWD deflection tests before the stabilization;
– Stabilization according to five different procedures;
– Cracks survey after the stabilization;
– FWD deflection tests after the stabilization (24 and 48 hours after).
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FWD
forward
direction

Figure 1. Layout of the experiments (boxes refer to the slabs investigated and stabilized; lengths are in
meters).

Table 1. Ranking of investigated slabs in function of distress severity

Slab Distress severity Slab Distress severity

C2 XXXX D12 XXXX
C3 XXX C19 XXX
D2 XXX C20 XXXX
D3 XXX D19 XXX
C11 XXXX D20 XX
C12 X E11 XX
D11 XXX E12 XX

Legend:
X = Low severity; XX & XXX = Medium severity; XXXX = High
severity (FAA AC-150/5380-6, 2007).

Pavement resulted as follows:

– First layer: PCC Slab, thickness: 30 cm;
– Second layer: unbound granular layer, thickness: 30 cm;
– Third layer: subgrade (modulus of subgrade reaction, k = 40–115 MPa/m).

The layout of the experiments is shown in figure 1 (visual cracks are there shown). Table 1 sum-
marizes the crack survey: four classes of distress severity have been recorded, depending on cracks
wideness.

Stabilization has been carried out according to five different procedures, as shown in table 2.
Stabilization procedures were carried out by taking into account desirable characteristics for

materials used for slab stabilization: fluidity (ability to flow into very small voids) and durability
(ability to resist traffic and environmental loadings).

Attention was paid to the opportunity to perform slab stabilization especially at joints or cracks
where voids were known to exist, on the basis of the presence of certain distresses such as joint
and crack faulting, pumping, and corner breaks as indicative that loss of support had occurred or
on the basis of falling weight deflectometer (FWD) deflections to help determine whether loss of
support had occurred.

First, at appropriate areas identified as needing slab stabilization, holes were drilled through the
concrete slab. Attention has been paid in order not to use a too high downward pressure on the drill.

After the hole was drilled, a grout packer was used to inject the material into the hole while
preventing material extrusion or backup. Several precautions were taken in order to ensure that the
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Table 2. Location and description of stabilization treatments.

Type of
procedure Slab Description of the treatment

1 C3, D3 Expansive resins (515daN) type H2
2 C19, D19, C20, D20 Expansive resins (722 daN) type H2–H3
3 D11, E11, D12, E12 Expansive resins (412 daN), type H3
4 D2 1 mini-pile
5 C2 4 mini-piles (centre of the slab)

Notes: 1. In the procedures type 1 to 3, expansive resins have been applied in different weights
per single slab: from 412 up to 722 daN per slab. Two qualities of resins has been
tested: type H2 (high density) and type H3 (very high density). The single mini-pile
type 4 has been applied at the center of the slab D2.

2. In the procedure type 1, the length ranged from 0 cm up to 80 cm under the slab. In
the procedures 2 and 3, the length ranged from 30 cm up to 50 cm under the slab
for the resin type H2, while from 0 up to 30 cm ca under the slab for the H3-type
resin.

voids were filled and the slab was not lifted (monitoring the elapsed pumping time, monitoring
slab pressures, and, above all, monitoring lift).

As above-mentioned, followup deflection testing was conducted 24 to 48 hours after the slab
stabilization operation in order to assess its short-term effectiveness in terms of reduced deflections
(and therefore in terms of consequences on cracks initiation and propagation in the future HMA
overlay). Note that FWD tests were carried out in order to evaluate the structural effects at the centre,
at edges and corners of slabs. Measurements were carried out in September in three successive
sunny days among which no significant changes in moisture were registered. In order to evaluate
the modulus of the concrete slab and the modulus of subgrade reaction, slab centres were tested
early in the morning when good contact between the slab center and foundation may be expected.
In order to evaluate the foundation support at the joints, measurements at joints were carried out
later during the day.

3 DATA ANALYSIS METHODOLOGY

Data recorded during the experimental program were analyzed with the aim to underline the effects
produced by the slab stabilization on the bearing capacity of slabs and on the Load Transfer
Efficiency (LTE) at joints.

The evaluation of these effects was carried out by three different types of analyses. First of
all, pavements data collected at the slab centre, were analyzed by using the theory of a slab on
a Winkler foundation to evaluate the elastic modulus of concrete and the modulus of subgrade
reaction; successively, data at joints were used to evaluate the LTE, and finally the same data were
used to detect voids at joints.

3.1 Elastic analysis of pavement systems

Pavements were analysed from a general and a particular point of view.
The load-response data that FWD equipment measures in the field provides valuable information

on the strength of the pavement structure. Generally, the initial review of the deflection under the
load plate and at the outermost sensor gives information of pavement and subgrade stiffness.
Although these data will not provide information about the strength of each pavement layer, they
provide a quick assessment of the pavement’s overall strength and relative variability of strength
within a particular facility. In some cases, the pavement stiffness is evaluated as the dynamic force
divided by the pavement deflection at the center of the load plate.
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More useful information may be obtained by the modulus of a fictitious half space equivalent to
the pavement system, which is calculated by using the Boussinesq equation in the case of uniform
distribution of stresses underneath the plate; this equation is valid for central points of slabs when
the least slab dimension is more than three times the radius of relative stiffness and the slab center
is in good contact with foundation.

TheYoung’s modulus of the concrete slab and of the subgrade, as well as the modulus of subgrade
reaction k were calculated by using two different approaches (Ullidtz 1998).

In one case, the modulus of pavement layers was calculated by using the linear elastic theory
and by assuming the subgrade as an elastic half space; in this case an approximate value of k may
be found from the following equation:

where Em is Young’s modulus of the subgrade and he is the equivalent thickness of the concrete
slab with respect to the subgrade, calculated using Odemark’s transformation.

As stated in Ullidtz (1998), Odemark method is based on the assumption that stresses and strains
below a layer depend on the stiffness of the layer only, which is proportional to:

where hs is the thickness, Es is the elastic modulus and νs is the Poisson’s ratio of the slab. This
considering, the equivalent thickness of the concrete slab with respect to the subgrade is calculated
by the following equation:

where:
νm is the Poisson’s ratio of the subgrade, which has been assumed equal to 0.45 while the Poisson’s

ratio of the concrete slab has been assumed equal to 0.35;
f is a correction factor introduced to take into account that Odemark’s assumption is not math-

ematically correct; in this paper, in order to obtain results close to the theory of elasticity, the
correction factor is equal to 0.9, as stated in Ullidtz (1998) for the first interface of a two-layer
system.

In the second case, the modulus of subgrade reaction is calculated by using the theory of a slab
on a Winkler foundation; in particular, the relation used to evaluate deflections at the slab interior
(the case when the load is at a considerable distance from edges), are those derived by Ioannides,
Thompson and Barenberg (1985) using the ILLI-SLAB finite element program. The equations
for interior loading are reasonably correct when the least slab dimension is more than three to
four times the radius of relative stiffness (Ullidtz 1998). The equation for evaluation of central
deflections is function of the plate radius, of the elastic modulus and thickness of the concrete slab
and of the modulus of subgrade reaction; this equation is solved with respect to the modulus of
subgrade reaction and it is applied iteratively to fit the recorded deflections.

In both the cases, the values of Young’s modulus calculated for the concrete slabs refer to an
equivalent modulus of concrete which takes into account the cracking of the material; this value
would be used successively in the design of pavement overlay.
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3.2 Evaluation of Load Transfer Efficiency (LTE)

Traditionally, LTE at joints is evaluated as the ratio of the maximum deflection at the joint of the
loaded slab and the deflection at the unloaded slab measured right across the joint. LTE can be
calculated according to two different methods. Both methods make use of deflections from the two
geophones positioned at each side of the joint, and a bending factor from the centre-slab test using
the same geophones. The traditional equation proposed by Westergaard has the following form:

where d refers to deflection, j to joint, c to centre-slab, l and u to the position of the sensors chosen
for the LTE calculation, respectively on the loaded and the unloaded slab.

The equation much more widely used has the following form with the same meaning of terms:

The results reported in this work were calculated by using the second equation. Joint LTE depends
on many factors, including the following:

• Joint load transfer mechanism and stiffness;
• Base/subgrade support;
• Temperature.

Load transfer between the slabs occurs through aggregate particles of the fractured surface below
the saw cut at a joint, and through the base and subgrade. LTE may vary through the day and the year
because of variation in PCC temperature. When temperature decreases, a joint opens wider, which
decreases the contact between the two slabs and also LTE may decrease; also PCC slab curling may
change the contact between the slab and the underlying layer and affect measured load-induced
deflections. For these reasons, LTE data are analyzed on a relative basis by comparing the results
of measurements carried out before and after (24 and 48 hours) the slab stabilization with the same
positive temperature gradients and moisture conditions.

3.3 Detection of voids

In addition to joint load transfer, another important characteristic of a concrete pavement is the
slab support condition. One of the assumption that is made during back-calculation is that the
entire slab is in full contact with the foundation. As with a joint condition analysis, the focus of the
void analysis is near joints or slab corners. For void analysis, a plot is made of deflections (X-axis
µm) versus applied loads (Y-axis daN) for three test drops at three load levels. If the regression
line passes through the X-axis near the origin, good support exists beneath the slab. The further the
line passes to the right of the origin, the greater the loss of support. The tangent of the regression line
is the equivalent stiffness (daN/µm) of the slab-support system at the joint. In general, a deflection
intercept greater than 75 µm (3 miles) indicates the presence of voids (FAA AC 150/5370-11A.
2004). It is important to note that this procedure provides a qualitative indication of the presence of
voids rather than an estimate of the void depth, but in any case it doesn’t allow to estimate, even in
a qualitative manner, the area of the void beneath the slab. Moreover, considering it doesn’t allow
to differentiate the effects on deflections from voids and from edge curling up, in order to eliminate
the last effect, measurements should be carried out with positive temperature gradients.

For these reasons, measurements on joints have been carried out in daytime and the results have
been used on a relative basis by comparing deflection intercepts before and after (24 and 48 hours)
the slab stabilization.
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FWD
forward
direction

Figure 2. Position of test points.

4 RESULTS

The results obtained by the analysis of collected data, which was carried out by following the proce-
dures described in the previous section, are reported here for each type of intervention considered.
It is important to specify that nine different points per slab have been tested (see figure 2). Each
point has a code as in the following figure. Note that X stands for the name of the slab (e.g. C2),
then slab codes will be C2,33, etc.

In order to allow a better understanding of the results, let us introduce five classes of locations
of the FWD load:

– Points at the center-slab (PCS); they are: C2,1; D2,1; C3,1; D3,1; C19,1; C20,1; D19,1; D20,1;
C19,1; D11,1; E11,1; E12,1 (note that the zero after 1 is omitted, therefore C2,1 stands for
C2,10).

– Type-1 external points (PE-1): this set refers to the points at joints and at the corners, on the
boundary of the slabs treated with slab stabilization procedure type 1 or 2 (see table 2); they are:
C19,31; C19,22; C19,32; C19,33; C20,32; C20,33; C20,24; C20,34; D20,33; D20,24; D20,34;
D20,31; D19,34; D19,31; D19,22; D19,32; C3,31; C3,22; C3,32; C3,33; C3,24; C3,34; D3,33;
D3,24; D3,34; D3,31; D3,22; D3,32.

– Type-2 external points (PE-2): these points are always on the boundary of slabs with slab stabi-
lization procedure type 4 or 5 (see table 2); they are: C2,31; C2,22; C2,32; C2,33; C2,24; C2,34;
D2,31; D2,22; D2,32; D2,33; D2,24; D2,34.

– Interior points (PI): this set refers to the points at joints and at the corners which are between
the slabs stabilized by using the procedure type 1 or 2 (see table 2); they are: C19,34; C20,31;
C20,32; D19,33; C19,24; C20,22; D20,22; D19,24.

– Localized points (PL): this set refers to the points at joints and at the corners of the slabs treated
with slab stabilization procedure type 3 (see table 2); they are: D11,34; D12,31; E12,32; E11,33;
D12,34; E12,33; D11,24; D12,22.

Figure 3 shows the values of the equivalent elastic modulus calculated by using the deflections
registered on the slab centre. The results of the backanalysis, which will be described successively,
show that the radius of relative stiffness l is lower than 2 m; in this case, considered that slabs
are 7.5 m squared, this dimension is more than three times the radius of relative stiffness, and that
measurements were carried out early in the morning while the center plate and foundation are in
good contact, then the Boussinesq’s equation for the evaluation of the equivalent elastic modulus
is still valid. This figure shows that an increase of the overall bearing capacity of slabs is obtained
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Figure 3. Modulus of the equivalent elastic half-space.
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Figure 4. Modulus of subgrade reaction.

only where the interventions types 4 and 5 were realized, while for the other slabs the equivalent
elastic modulus reduces or doesn’t have appreciable variations.

The values of Young’s modulus of the concrete slabs varied between 15000 and 38000 MPa,
showing that the cracking state was significantly different among the slabs examined; the modulus
of subgrade reaction values, calculated by using equations derived by Ioannides et al (1985),
are reported in the Figure 4; this figure shows that in many cases this parameter reduces after
the intervention, with the exception of slabs where the procedures types 4 and 5 were applied; in
these slabs a slight increase of the subgrade modulus of reaction was registered, which can be due
to the support exerted by the mini-piles more than an effective increase of the subgrade strength.

The analysis of data collected on joints appears to be more significant in evaluating the effect of
the slab stabilization.

Figures 5 and 6 show the results of tests carried out on the boundary joints of the treatment areas.
The LTE calculated by using relations (2) and (3) is improved significantly for slabs C3, D3 where
the type 1 intervention was applied, and for slabs C2, D2, where the type 4 and 5 interventions were
applied. The mean value of the LTE increases for slabs C3, D3 from 0.41 to 0.61, while for slabs
C2, D2 from 0.29 to 0.60. The mean value of the LTE increases slightly, from 0.27 to 0.46, for
interior points of slabs C19, C20, D19, D20 (Figure 7), while on all the other slabs no significant
beneficial effects or even a decrease of the LTE were registered. The reasons for this reduction is
not known, but probably the stabilization determines a beneficial variation of the subgrade support
condition which is localized around the treatment point and is detrimental for the outer points on
the boundary of the treatment area.
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Figure 5. LTE for type 2 external points.

Figure 6. LTE for type 1 external points.

This is confirmed by examining the results reported in Figures 7 and 8, which refer to the values
of the LTE calculated on slab joints internal to the treatment area. These figures show a general
increase of the LTE for almost all the tested points on slabs C19, D19, D20 and C20, as well as on
slabs C11, C12, D11 and D12.

As far as void detection is concerned, the results obtained are not so promising as those of the
LTE in evaluating the beneficial effect of slab stabilization in restoring the subgrade support both
on joints and slab corners. Figures 9 to 12 show that the intercept reduces significantly on boundary
points of slabs C3, D3 (type-1 external points), treated with the type 1 intervention, and on the
localized points of slabs D11, D12, E11, E12, treated with the type 3 intervention, for which the
intercept after the stabilization is lower than zero; for the other slabs data don’t show a clear trend.
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Figure 7. LTE for interior points.

Figure 8. LTE for localized points.

Figure 9. Intercept for type-1 external points.

5 MAIN FINDINGS

As is well known, HMA overlays are often applied to an existing rigid pavement, but drawbacks
such as reflective cracking are often detected.

Given that, the aim of the present paper was to evaluate the effectiveness of slab stabilization
in mitigating HMA reflective cracking, through an experimental program to check the evolution
of structural condition of the slabs. Due to the uncertainties above mentioned, more research is
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Figure 11. Intercept for interior points.

Figure 12. Intercept for localized points.

needed on this topic. However, in the light of the obtained results, the following main findings can
be drawn:

1. The typology of slab stabilization greatly affects the obtained results;
2. The effect of such treatments is often strictly localized; in particular, it is important to remark

that improvements in load transfer characteristics have been obtained for the so-called localized
points;

3. As far as load transfer at joints is concerned, results appear quite encouraging for some of the
selected procedures;

4. At the joints between two treated slabs the effectiveness of stabilization increases and LTE results
are improved obtaining values that are about 0.60, significantly greater than initial values which
range between 0.29 and 0.40. The reduction in void potential is not so encouraging as the LTE,
with exception of localized points, for which void potential has been reduced drastically.
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Fatigue performance of self cementing base courses

A.A.A. Molenaar
Delft University of Technology, Delft, The Netherlands

ABSTRACT: This paper describes an analysis of the fatigue performance of self cementing base
courses. The material investigated consisted of a mixture of crushed concrete and crushed masonry
to which 10% of pulverized blast furnace slag was added. These types of base courses are used quite
regularly in the Netherlands because they allow re-use of cement concrete and masonry rubble in
an effective way. The research showed that these materials show a significant increase in strength
and stiffness in time. It also appeared that premature loading or too high stress levels in general
disrupt the self cementing process resulting in much lower strength and stiffness values than those
of undisturbed samples. Furthermore it appeared that clear cracking patterns develop neither in
the samples tested nor in the test section. It seems that the material disintegrates to a real unbound
material. A fatigue relation could not be developed for this kind of material. Nevertheless design
guidelines with respect to the allowable stresses at the top and tensile strains in the bottom of base
courses made of these materials could be derived.

1 INTRODUCTION

In the Netherlands masonry and concrete rubble as well as all kinds of slag are used as base
course materials (Schmeitz e.a. 1992, van Niekerk 1996). Quite often such materials are stabi-
lized with a certain amount of cement to prevent leaching of hazardous materials and to give
these materials sufficient strength. Several questions however arise when using these materials
such as: (a) what is their stiffness and resistance to permanent deformation, (b) what is their
fatigue resistance, (c) how are these characteristics changing in time due to progressive harden-
ing, (d) what is the effect of premature loading of such base courses by construction traffic etc.
Problems associated with the characterization of these materials are a.o. related to their variability,
the required size of the samples (max. grain size is 40 mm) and the difficulty to cut and saw sam-
ples. All this implies that there is not too much information available about the characteristics that
are needed to perform a ME design analysis of pavements containing base course made of these
materials.

This paper presents the results of an investigation that was carried out at the Delft University in
order to answer some of the questions raised above (van Niekerk, 2002). The material investigated
was a mixture of crushed masonry and crushed concrete which shows some self cementing action.
To this material a certain percentage of blast furnace slag was added to stimulate the self cementing
of the base course mixture.

First of all some characteristics of the material tested will be presented. After that the results of
monotonic and repeated load triaxial tests are discussed. These tests were performed to determine
the failure as well as resilient and permanent deformation characteristics. Finally the results obtained
on a particular test section are presented. The paper concludes with a discussion on the findings
and the results.
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Figure 1. Gradation curves of the materials tested.

2 SOME CHARACTERISTICS OF THE TESTED SELF CEMENTING MATERIALS

The material tested is composed of crushed masonry and crushed concrete mixed at different
quantities. To a number of these mixtures, pulverized blast furnace slag has been added. The slags
have been pulverized to a kind of sand. Figure 1 shows the gradation of some of the masonry-
concrete mixtures tested. The gradation is determined on the grain sizes larger than 8 mm and
therefore excludes the blast furnace slag. As shown in figure 1, a special coding system is used to
indicate the type of mixture tested. The code L/P-MG-63%-S-10% indicates that laboratory (L) and
in situ tests (P) are conducted. The designation MG-63% indicates the mass percentage of crushed
concrete used in the mixed granulate (MG). The designation S-10% indicates that 10% by mass
(on top of 100% of aggregate) of pulverized blast furnace slag was used in the mixture. Figure 1
also shows the allowable upper (UL) and lower limit (LL) of the gradation curves for base courses
as prescribed in the Dutch specifications (CROW, 1995).

According to the Dutch specifications, a base course material is rated as a self cementing material
when the initial CBR value is at least 50%. Furthermore, the CBR after 28 days should be a factor
1.5 times higher than the initial CBR value. Figure 2 shows for a number of materials the initial
CBR and the increase of the CBR in time.

3 MECHANICAL CHARACTERISTICS OF SELF CEMENTING BASE COURSES

3.1 Failure tests

Triaxial tests were performed on a number of samples having a height of 600 mm and a width
of 300 mm. Since confinement is controlled by means of vacuum it was not possible to vary the
moisture content; only the degree of compaction could be varied. All samples contained 63% by
mass concrete and 10% by mass pulverized blast furnace slag. Confining pressures of 12, 40 and
70 kPa were used. To limit the number of tests, multi stage testing was done implying that by using
the same sample, the failure stress was first determined at the lowest confinement level and after
that on the higher confinement levels. Some results are shown in table 1.

The results shown in table 1 indicate that after a limited period of curing, the material still
behaves like a granular material meaning that failure is dependent on the amount of confinement.
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Figure 2. Increase of CBR value in time in relation to composition, degree of compaction and addition of
pulverized blast furnace slag.

Table 1. Results of monotonic triaxial tests.

Degree of compaction [%] Curing time [weeks] Cohesion [kPa] Angle of internal friction [0]

100 4 193 45
99 13 903 0

105 13 1072 0

After a long curing period however, this stress dependency is not visible any more. This might have
to do with the fact that the specimen is damaged after the first test which influences the test results
obtained in the second and third loading cycle applied at higher confinement levels. In any case
these initial cracks do not result in a decrease of the failure stress. It should be noted that clearly
defined slip planes did not develop. Furthermore it should be noted that a cohesion of around
1000 kPa implies a compressive strength of around 2 MPa. This is a high value which compares
well with values obtained on cores taken from cement stabilized sand base courses (around 7%
cement by mass) as have been used often in the Netherlands.

3.2 Resilient modulus testing

Figure 3 shows for a particular material the increase in modulus in relation to the curing time. This
figure shows some interesting phenomena. When the material is still fresh (curing time 1 day), it
exhibits a stress dependent behavior similar to that of granular materials. This behavior disappears
after a certain curing time during which the modulus sharply increases. However the modulus at
high values of θ is lower than at lower values of θ indicating that at high stress levels bonds will
probably be broken resulting in a lower Mr value.

The modulus values obtained after 13 weeks compare very well to the modulus values that are
obtained on samples from sand cement treated base courses.

3.3 Resistance to permanent deformation

A number of repeated load triaxial tests were performed at a fixed confining pressure of 12 kPa.
This confinement level was selected because analysis of a number of pavement structures showed
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Figure 3. Mr − θ relationships for L/P-MG-63%-S-10% at 104% degree of compaction.

Figure 4. Permanent deformation development in L-MG-S-10% samples after 4 weeks curing.

this value to be fairly representative for the confinement level in base courses of pavements as built
in the Netherlands. Some results are shown in Figure 4.

Figure 4 nicely shows the brittle behavior of this type of material. At stress ratios σ1/σ1f of
0.4 and lower, hardly any permanent deformation develops while at higher stress ratios a sharp
increase in permanent deformation develops after a certain number of load repetitions. It should be
noted that σ1 is the applied repeated vertical stress (confinement stress is 12 kPa) while σ1f is the
vertical stress at failure at a confinement level of 12 kPa. Figure 4 also shows that this brittle type
of behavior was difficult to capture by the permanent deformation model that is commonly used
to model the permanent deformation behavior of unbound materials that don’t show cementation.

This model is:
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Figure 5. Construction of the base course.

Where: εp = permanent strain [%],
N = number of load repetitions,
A, B, C and D = material constants depending on the stress conditions,
A = x1(σ1/σ1,f )x2, similar formulations hold for B, C, and D,
σ1 = vertical stress applied during the test,
σ1,f = vertical stress at which failure is reached given the applied

confining stress.

3.4 Discussion

From the results obtained so far it appears that the type of base course materials as investigated
in this research program develop a high stiffness and high strength when they are allowed to cure
for a significant period of time. Furthermore it appears that these materials exhibit a brittle type of
behavior. High stiffness values imply that tensile stresses and strains develop at the bottom of base
courses made of this type of self cementing materials. The question now is how these materials will
perform in practice. Will they be sensitive to shrinkage cracks due to changes in moisture content
and temperature, will they show fatigue cracking or will they slowly degrade to a high quality
half-bound base? Furthermore the question is what the effects are of heavy construction traffic
traveling the freshly placed base course. Will this result in premature damage and if so will self
cementation be able to heal the base course after reduction of the tensile stresses and strains due to
placement of the asphalt top layer. In order to be able to answer these questions a test section was
constructed on which repeated load falling weight deflectometer tests were performed to simulate
the effect of traffic. The results obtained on this test section are discussed in the next section.

4 TEST SECTION

4.1 Structure

A test pavement was constructed consisting of a 300 mm thick base course (P-MG-76%-S-10%) on
a sand subbase and sand subgrade (van Beers e.a. 1998). A high amount of crushed concrete was
used to stimulate self cementation. A double surface treatment was placed on top of the base course.
When completed, the base course had a thickness of 304 mm with little variation. The average degree
of compaction of the top 100 mm was 105.9% while at a depth of 250 mm the degree of compaction
was 104.1% (maximum proctor density was 1748 kg/m3, optimum moisture content was 10.7%).
Figure 5 shows the placement and compaction of the base course.

The stiffness of the sand substructure is shown in Table 2. These values were determined using
a falling weight load of 20 kN.
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Table 2. Stiffness of the sand substructure [MPa].

Location number 1 2 3 4 5 6

Left row (see also figure 6) 52 39 73 70 83 90
Right row (see also figure 6) 68 94 86 78 73 87

Table 3. Loading schedule.

Figure 6. Measurement locations.

4.2 Loading schedule

As mentioned above, repeated load falling weight deflectometer tests were carried out to simulate
traffic. The falling weight load was selected such that tensile stresses and strains were generated
at the bottom of the base course that could be expected to occur when the base course would be
covered by a 60 mm or 150 mm thick asphalt layer or by a bedding layer of sand and a layer of
80 mm thick concrete blocks. Also the effect of construction traffic was simulated. All this meant
that repeated falling weight tests were done using load levels of 10, 30, 50 and 70 kN. At each
measurement location 100 falling weight loads were applied per day. Table 3 shows the loading
schedule applied and Figure 6 shows the measurement locations.

4.3 Results

Figure 7 shows the values for stiffness of the base course as back calculated from the falling weight
deflection profiles.
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Figure 7. Back calculated stiffness values for the self cementing base course.

When analyzing Figure 7, one should keep in mind that no tests were done between week 13
and week 68. The results obtained in week 68 therefore clearly indicate the effect of healing due to
self cementation.

Figure 7 shows a number of things. First of all it shows that there is a distinct difference between
the right row and the left row. An explanation for this could not be found but it might have to do
with the variability of the material because first the material for the right lane was brought in and
after that the material for the left lane. Furthermore the figure clearly shows that the stiffness of the
loaded sections is lower than the stiffness of the reference point. This is clearly due to the repeated
falling weight loads that were applied each day. In reality however the number of load repetitions
per day is usually higher than the number applied on the test section. This could imply that the
stiffness development in practice is even less than observed in the test section. It is remarkable
however that during the healing period (from week 13 to week 68), the stiffness of the loaded
sections recovers to similar values as obtained for the reference locations.

No cracks were observed during the testing period; it is believed that a general disintegration
might have occurred which is partly masked by the self cementation of the material.

When analyzing the data obtained from the measurements in week 13 it was concluded that the
stiffness modulus of the base course was related to the tensile strain at the bottom of the base course
following:

Where: E = stiffness modulus of the base [MPa],
ε = tensile strain at the bottom of the base course [m/m].

The tensile strain was calculated using the back calculated stiffness modulus of the base, the
stiffness of the sand substructure (table 3), the thickness of the base and the falling weight load as
input for a two layer linear elastic analysis. The results show that the initial stiffness of the base
course was approximately 500 MPa. Taking into account that an appreciable increase in stiffness
only occurred in the 30 kN and 10 kN sections, it was concluded that in spite of repeated loading,
self cementation gives the base course stiffness and strength provided that the tensile strain at the
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bottom of the base is less than approximately 2.7 E-4 m/m ( this value is calculated using a base
stiffness of 500 MPa and a falling weight load of 30 kN as input).

From the observations it seems that for design purposes, a stiffness value of approximately 50%
of the stiffness of laboratory samples is a realistic value to select provided that the tensile strain
stays sufficiently low (<2.7 E-4 m/m) in the early lifetime of the base course.

5 DISCUSSION

From the results presented in this paper it becomes obvious that the behavior of these materials is
rather complex. On the one hand self cementation results in an increase of stiffness and strength
in time while on the other hand repeated loading disturbs this self cementation process resulting
in a significant lower strength and stiffness when compared to the values obtained on undisturbed
samples and sections.

Furthermore neither in the tested samples nor in the test section cracks were observed in spite
of the fact that a clear reduction in stiffness was measured. It looks like these materials deteriorate
from a bound state to an unbound state without developing clearly visible cracks. The results of the
repeated load triaxial tests seem to indicate that the transition from a bound to an unbound state
happens quite abruptly. This is typical for a material showing a brittle behavior like cement bound
materials.

All in all this implies that unlike for cement treated materials, Portland cement concrete and
asphalt concrete, it seems not possible to define a fatigue relation for these types of materials.

Based on the findings from this research the following design guidelines are proposed.

(a) The ratio σ1/σ1f (vertical compressive stress: vertical stress at failure at a given level of
confinement) at the top of the base course should stay below 0.4.

(b) The horizontal tensile strain at the bottom of base courses made of self cementing materials
should stay below 1 E-4 m/m.
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A five point bending test for asphalt cracking on steel plates

A. Houel & L. Arnaud
Ecole Nationale des Travaux Publics de l’Etat, Vaulx-en-Velin, France

ABSTRACT: The paper deals with the evolving behaviour of asphalt mixture on steel plate. Due to
the softness of such a support and the mechanical loads involved, the asphalt pavement is subjected
to considerable strain that may generate top-down cracks. The five-point bending fatigue test is the
standard device in France for asphalt concrete used on steel orthotropic deck bridges to perform
the best asphalt mixture having a strong resistance to cracking. Displacement sensors detect the
initiation of cracks where they are most likely to appear. Significant strain increases and decreases
are observed when cracks are created. Moreover, a non-destructive measurement technique based
on ultrasonic measurements has been developed. From velocities and amplitudes of waves and under
the assumption of linear viscoelasticity, complex modulus M* and the time dependent evolution of
damage are followed up. Results from displacement sensors and wave propagation are compared
and provide good perspectives. Numerical simulations will also be presented.

1 INTRODUCTION AND CONTEXT

The five-point bending test (bending under negative moment), named FPBT in the following, was
developed in France by the Laboratoire Central des Ponts et Chaussées (LCPC) in the 1970’s
(Hameau et al. 1981). This kind of test is essential for the design of the asphalt layer on steel
orthotropic decks: essential because the metallic structure is very soft, and as a consequence, the
asphalt concrete is submitted to very high levels of strains under traffic load as compared to asphalt
on classic roads. It was shown that the results obtained from the FPBT and in situ observations on
real steel decks are very consistent. The main damage observed in the asphalt on such bridges is that
fatigue cracks are generated in the thickness of the asphalt layer at right angles to the orthotropic
plate stiffeners, due to the tensile stress created. These cracks propagate from the road surface
through the wearing course and could therefore reach the sealing sheet that protects the steel plate
from corrosion. Thus, a special asphalt mixture is needed to obtain better durability of the bridge’s
structure. This is the case of the Millau viaduct in France.

A new device has been under development since 2003 at the ENTPE laboratory. It enables more
accurate measuring of strains in asphalt layers, plus follow-through of damage in the material
through a non-destructive test based on compression and shear wave propagation (Laajili 2003,
Houel 2004, Arnaud & Houel 2006, 2007b).

In the first part of this paper the experimental device of the FPBT, test conditions and the
instrumentation are described. Non-destructive tests, based on P-wave (compression waves) and
S-wave (shear waves) propagation, are underlined – with the overcoming of the main difficulties.
In the second part, results of two different mixture formulations at two temperatures −10◦C and
+10◦C are exposed. The article shows that the strain measurements allow mechanical evolution
of the wearing course analysis, and non-destructive measurements make it possible to monitor the
mechanical evolution throughout the fatigue tests and to clearly detect the growing of micro- and
macro-cracks. Finally, this test was modeled by means of Comsol Multiphysics software based on
the finite elements method.
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2 DESCRIPTION OF THE FIVE-POINT BENDING TEST

2.1 Specimens

Samples are constituted generally of three main materials:

– a 12 or 14 mm-thick steel plate reinforced at the centre with a welded stiffener,
– a 3 mm-thick sealing sheet.
– the asphalt concrete layer, whose thickness is variable.

The thickness of tested samples is 12 mm for the steel plate and 65 mm for the asphalt layer. The
tack coat must have a good adhesion and shear strength to prevent water to penetrate to the steel
surface. Two different asphalt concrete formulations are tested: on the one hand, a classic asphalt
concrete with 7% pure binder, and on the other hand a special asphalt designed for the Millau
viaduct by the Eiffage TP [public works] central laboratory (Héritier et al. 2005). Two samples with
the classic asphalt mixture (one at −10◦C and one at +10◦C) and four samples with the Millau
asphalt mixture (two at −10◦C and two at +10◦C) were tested.

2.2 Principle (AFNOR 2006)

The FPBT consists in testing a sample reproducing the area located on either side of an orthotropic
plate longitudinal stiffener. This is the area where the largest strains are generated because of traffic
and therefore where the greatest fatigue damage in the asphalt layer is observed. This is a fatigue
test carried out over several million cycles. The regular 2 and 4-point bending tests do not exactly
represent the real behaviour of the asphalt laid on an orthotropic steel deck.

The sample is held in its centre on a rigid frame and is loaded using the device as presented
in Figure 1. The steel plate is embedded in the centre and its two extremities rest on two simple
supports that are adjustable in order to correct any flatness defects of the steel plate. Above the
asphalt concrete layer the beam sets to apply the sine compression load.

The load is composed by compression sine cycles at a frequency of 4 Hz. The amplitude of the
maximal load is determined during a calibration phase so as to take into account the mechanical
role of the steel plate in the sample. This load, applied to the steel plate without any asphalt layer,
corresponds to a stress of 120 MPa at right angles to the weld. Of course, the effort depends on

Figure 1. Experimental device of the FPBT (Laajili 2003).
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the thickness of the steel plate. For example, for calibrated 12 mm-thick plates, the maximal effort
equals the load when a strain of 625 µm/m is observed at right angles to the weld, that is to say
32 kN in compression (Fig. 2). Thus, the sine load, applied to the sample with the asphalt layer,
ranges between the maximal effort and 10% of this load. A counter measures the number of applied
load cycles. For each coating, one sample is tested at −10◦C, and another at +10◦C which is very
often the critical case, thanks to a heat-regulated chamber. These temperatures are based on the
French asphalt mix standardization. Regular tests on asphalt are realized at +10◦C, which is an
average annual temperature in the country.

According to the requirements, an asphalt mix is considered “good” when no damage can be
observed at −10◦C after 1 million cycles, and at +10◦C after 2 million cycles. No damage means
that no crack was generated and observed with soapy water (Fig. 3). But there is no require-
ment for the mechanical evolution and the breaking threshold of the material. That is why special
instrumentation based on ultrasonic wave propagation is investigated.

2.3 Experimental set up

2.3.1 Instrumentation related to the fatigue test
Two strain gauges are pasted on the two side faces as close to the top face as possible in order
to monitor the evolving strains of the asphalt layer where cracks are likely to appear (Fig. 4).

Figure 2. Example of calibration of a 12 mm-thick steel plate. A strain of 625 µm/m corresponds to a
load of 32 kN.

Figure 3. Soapy water is currently used to detect the appearance of cracks (Somda 2007).
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Figure 4. Positions of displacement sensors (LVDT 1 and LVDT 2), strain gages and wave propagation
transducers on specimens for the FPBT (Houel 2008).

However, their installation is a delicate and difficult task, and it is possible that because of the
glue their breaking does not exactly account for crack appearance. That is why two different
displacement sensors of the LVDT (Linear Variable Differential Transformer) type are positioned
on the upper face of the sample at the centre (Figs 3, 4). Both accuracy and a large detection area
are ensured: the first sensor (LVDT 1: ±2.5 mm and �l = 60 mm) is certain to have a measurement
zone where cracks are likely to appear, and the second (LVDT 2: ±1.0 mm) and �l = 30 mm)
senses the displacements more precisely.

Moreover several temperature sensors are positioned in the chamber and one at the centre on the
upper face of the asphalt concrete.

Load, strains and temperatures are recorded continuously (5 cycles are recorded each hour at a
frequency of 100 Hz).

2.3.2 Instrumentation related to the non-destructive test based on ultrasonic wave propagation
The non-destructive test consists in transmitting a wave with the first transducer and receiving this
wave that propagates throughout the considered medium. Transducers are placed in the central
area on the side faces in order to continuously monitor the asphalt pavement modulus where the
material is submitted to tensile stress and thus where cracks are likely to appear. Two kinds of
ultrasonic waves are studied: P-waves or compression waves, and S-waves or shear waves. Two
pairs of P-wave transducers are used to scan different excitation frequencies, and one pair of S-wave
transducers is also positioned and senses the centre part of the asphalt layer. From the recorded
signals, the parameters bellow are followed throughout the fatigue tests (Fig. 5):

– the arrival time, which gives the wave velocity and by an inverse analysis the complex modulus
of the asphalt concrete,

– the maximum amplitude of ultrasonic waves, and
– the Fast Fourier Transform of received signal.

A few precautions must be taken into account: an appropriate excitation frequency needs to be
chosen carefully in order to avoid diffraction, multiple scattering processes and high attenuation
because of the heterogeneity of asphalt concrete and the limited size of specimens. As a conse-
quence, the wavelength should both be smaller than the asphalt layer thickness and larger than the
grain size (10 mm) (Hauwaert et al. 1998, Houel 2004, Arnaud & Houel 2007b)

Moreover, wave velocities depend on temperature but not on tested asphalt mixtures (Somda
2007). So, temperature effects must be analysed before choosing adequate excitation frequencies.
For example, an increase in temperature of 1◦C corresponds to a decrease in modulus of 150 MPa at
an approximate frequency of 50 kHz. Characteristics of wave propagation are presented in Table 1.
The wavelength of S-waves is of the order of specimen size, but received signals could be analysed.
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Figure 5. Emitted and received signals of P-wave propagation, determination of time delay and damping
(Houel et al. 2007).

Table 1. Wave velocities, frequency excitations of transducers and wave-
lengths used and measured at the beginning of fatigue tests.

Temperature

Wave velocity and wavelength −10◦C +10◦C

P-wave (50 kHz) Cp 4000 m/s 3600 m/s
λ 7 cm 6 cm

S-wave (10 kHz) Cs 2100 m/s 1800 m/s
λ 15 cm 20 cm

3 RESULTS

3.1 Strain results

Maximal and minimal strains were monitored throughout the fatigue test. As expected, both asphalt
mixtures showed that strain amplitudes were greater at +10◦C than −10◦C (Figs 6 and 7). The
main differences between the two bituminous mixtures were observed:

– As regards the “classic” asphalt mixture throughout both fatigue tests at −10◦C and +10◦C,
amplitudes corresponding to one load cycle increased quickly at the beginning of the test, then
a sudden and strong increase appeared, and finally strain amplitudes do not increase any more
but are relatively constant (Somda 2007).

– For the Millau viaduct asphalt mixture we firstly observed that amplitudes increased during the
test up to about 1,000,000 cycles, then a sudden variation of slopes was recorded from the most
accurate sensor. Thus, as regards fatigue behaviour and the appearance of cracks, this special
asphalt mixture has a stronger resistance to cracking than the first one.

In each case, variations are determined by linear regression, and the intersection of two straight
lines defines the cycle number when cracks appear on the upper side of the asphalt layer. This
experimental set up is very sensitive to the appearance of cracks initiated from the top face of the
asphalt layer. Table 2 sums up crack detection results from measurements of displacement sensors.
Hence, the displacement sensors show a sudden and significant variation of strain amplitudes during
the test, proving the appearance of fatigue cracks in the sensed zone in the asphalt concrete. Besides,
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Figure 6. Strain amplitude evolutions throughout the FPBT from LVDT 2 measurements on the upper face
of specimens at +10◦C.

Figure 7. Strain amplitude evolutions throughout the FPBT from LVDT 2 measurements on the upper face
of specimens at −10◦C.

Table 2. Number of cycles when a sudden variation in strains occurs.

Temperature

Asphalt mix formulation −10◦C +10◦C

Millau asphalt: test 1 900,000 900,000
test 2 1,200,000 1,000,000

“classic” road asphalt: 200,000 100,000

tests based on ultrasonic wave propagation will confirmed this method. Results are consistent for
the same asphalt mixture.

Therefore, for each asphalt layer, cracks appear at an approximate strain of 1500 µm/m at +10◦C
and 1000 µm/m at −10◦C. These values could constitute a first step to define a crack criterion,
but it will be interesting to test another bituminous mixture to validate this break threshold. This
criterion could also depend on bituminous mixture.
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Figure 8. Oscilloscope capture of S-wave propagation throughout the FPBT over 3 million load cycles
at +10◦C.

Figure 9. Norm of the complex modulus calculated from P-wave velocities and their damping by inverse
analysis throughout the FPBT performed on two asphalt mixtures at +10◦C.

3.2 Ultrasonic wave propagation results

From the S-wave propagation results in Figure 8, the signals show a characteristic decrease in
amplitude as the number of load cycles increases. Thus attenuation parameters easily provide
useful information about the mechanical evolution of the material’s characteristics.

An example of such results in Figure 9 shows the mechanical evolution of the asphalt layer
through the results of the complex modulus at +10◦C from P-wave transducers with the two
asphalt concrete mixtures. P-wave and S-wave velocities and their amplitudes decrease clearly as
the number of load cycles increases. Then signals stabilize before significant amplitudes decrease.

For the Millau viaduct asphalt mixture, the calculated modulus was about 28,500 MPa at the
beginning, and decreased to 27,400 MPa after 800,000 cycles. Then it stabilized up to 3 million
cycles before any significant decrease. This last stage revealed the appearance of cracks that were
created and propagated as far as the middle of the thickness of the asphalt pavement. In the second
case, the decrease appeared throughout the first two hundred thousand cycles as results from LVDT
measurements, decreasing from 30,000 MPa to 26,500 MPa.

Wave propagation is therefore an efficient way to compare and to monitor the evolutionary
behaviour of different asphalt layers at each instant of the FPBT, and helps damage curve plotting.
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4 MODELLING OF THE FIVE-POINT BENDING TEST

A numerical study was initiated to complete the experimental programme. The FPBT was modelled
using COMSOL Multiphysics software, with 2D structural mechanics and heat transfer models
(Comsol 2006).

4.1 The different materials of specimens

The different materials are modelled:

– asphalt concrete: various models exist to describe the viscoelastic behaviour of asphalt concrete.
The first step is to define a mechanical modulus that can take account of the fact that the modulus
depends on frequency and temperature. So the model called 2S2P1D (2 Springs, 2 Parabolics
and 1 Dashpot) developed at the ENTPE laboratory is used (Olard 2003). Seven parameters
are necessary to correctly describe the complete mechanical behaviour of the material. These
parameters are deduced from an experimental complex modulus test on cylindrical specimens.
The thermo-physical characteristics such as thermal conductivity λ and heat capacity Cp are
determined. The mathematical model for heat transfer by conduction is the heat equation in
which a heat source term is integrated that can be linked to the viscous energy dissipated into
heat throughout the fatigue test (Comsol 2006, Arnaud & Houel 2007a). Thus, we obtain a
thermal and mechanical mathematic model of asphalt concrete. Nevertheless, it had been shown
that temperature effects are insufficient to simulate fatigue tests. Modelling must be completed
with a damage law that means that the complex modulus decreases slowly in an irreversible way
(Piau 1989).

– steel: it is considered as an elastic medium with a Young’s modulus of 200,000 MPa.
– sealing sheet: it contains a large percentage of bitumen. So it is the same kind of material as

asphalt concrete. The Eiffage TP [public works] central laboratory carried out complex modulus
tests on this material (Héritier et al. 2005).

4.2 Geometry and boundary conditions

The geometry of tested specimens with the same thicknesses is implemented in the finite elements
software sample (Fig. 10). A 2D plane strain model is used. More information and discussions
about the mesh used are given in (Houel 2008). A compression sine load cycle is modelled above
the sample as presented in Figure 1. Moreover, each layer is supposed to adhere completely to the
adjacent layers.

4.3 Results

Computations presented here were conducted for a fatigue test temperature of +10◦C and show
preliminary results. Figure 11 shows horizontal strains in the asphalt layer. It can be seen that strains
are generated at the asphalt layer surface over the central web over 130 µm/m at the beginning of
the FPBT. They are more significant than in experimental tests that do not take account of the
flexion of the specimen. Moreover, the surface texture of the asphalt layer produces increased

Figure 10. Geometry and boundary conditions of a specimen in COMSOL software.
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strain amplitudes. Figure 12 adds that strains are not linear in the thickness of the asphalt layer. As
regards these large strains, it will be appropriate to take into account viscous effects of bituminous
concrete. Thanks to the heat equation implanted in the model the increase in asphalt temperature
reported in Figure 13a can be seen. Actually, in experimental fatigue tests it is difficult to measure an
increase in temperature, but it agrees with computations that give an increase in temperature of only
0.05◦C in the centre of the layer surface. Moreover the damage law enables the increase in strains
at the layer surface to be calculated and as a consequence the decrease in modulus (cf. Figure 13b).

Figure 11. Results of horizontal microstrains in the specimen of the FPBT at +10◦C using Comsol software.

Figure 12. Results of horizontal microstrains in the thickness of the specimens at the beginning of the FPBT
at +10◦C using Comsol software.

Figure 13. (a) Increase in temperature and (b) decrease in modulus at the centre and at the asphalt layer
surface throughout an FPBT at +10◦C using Comsol software.
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For the moment, values of different parameters of the fatigue law are very sensitive and must be
specified with more accuracy. Nevertheless, these preliminary results are very encouraging.

5 CONCLUSIONS

A special design is necessary for asphalt pavements on steel orthotropic decks, because asphalt
is subjected to very severe strains due to vehicle traffic and the flexibility of steel structures. The
FPBT solves this issue. In this paper, it is shown that:

– Ultrasonic wave propagation can be used to monitor the evolutionary intrinsic mechanical char-
acteristics of the material. From wave velocity measurements and damping coefficients the
complex modulus is calculated at each instant during the test and the damage evolution curve
can be plotted as a function of the material.

– Strain measurements at the asphalt layer surface by means of displacement sensors make it
possible to detect the appearance of fatigue cracks. From these measurements a break threshold
is proposed at +10◦C and −10◦C.

– A preliminary modelling is also proposed and enables the damage area where cracks are likely
to appear to be located. It is very encouraging: it takes account of viscoelastic components of
asphalt medium, heating in asphalt because of mechanical loads, and a fatigue law.
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ABSTRACT: Fatigue lives of asphalt mixtures are, in general, significantly affected by the test
method and mode of loading. Previous studies have evaluated the different commonly used test
methods on the base of their simplicity, ability to simulate test conditions and applicability of the
test results to pavement design against fatigue cracking. From this point of view, the tests based
on the principle of simple flexure are commonly preferred. Amongst these, the four-point bending
test (also known as third point flexure test) was focused where, unlike other tests, the failure of the
specimen occurs in an area of uniform bending moment.

Loading conditions, testing set-up and internal stresses or strains imposed by clamps at the
load or reaction points are all factors that are found to influence the specimen response to the
test. In this study, a detailed FEM analysis of the structure and geometry of a four-point bending
frame, designed at the Nottingham Transportation Engineering Centre (NTEC) of the University of
Nottingham, was performed, describing how geometric constraints and dynamic actions can affect
the estimation of the fatigue life of asphalt prismatic specimens with various stiffnesses.

In conclusion, the dominating causes of imprecision in the tests results are outlined and the
main issues that should be taken into consideration during the design and optimization of this
non-standardized equipment are indicated.

1 INTRODUCTION

In a recent interlaboratory campaign organised by RILEM 182-PEB Technical committee “Per-
formance testing and evaluation of bituminous materials”, 11 different test methods, comprising
uniaxial tension/compression, 2-, 3- and four-point bending and indirect tension tests, were utilised
in order to investigate fatigue characteristics of a dense graded asphalt concrete mixture (Di
Benedetto et al., 2003; Di Benedetto et al., 2004). In that study, it was concluded that fatigue
lives are significantly affected by the test method. Amongst the test methods studied, the Indirect
Tension Test showed the shortest life duration, which, according to the authors, is probably caused
by significant accumulation of permanent deformation in addition to fatigue damage. It was also
the only test to be carried out in load control, which usually means a shorter fatigue life. Load
conditions and testing set-up, together with sample size, were pointed out as the main reasons for
the differences in fatigue life obtained for different beam tests.

2 REVIEW OF FATIGUE TEST EQUIPMENT

Rao Tangella et al. (1990) carried out a research programme with the purpose of reviewing various
fatigue test methods and recommending the most appropriate method for defining the fatigue
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response of asphalt-concrete mixtures. The repeated flexure test received the highest ranking.
Several pieces of equipment have been used worldwide to assess the fatigue characteristics of
bituminous mixtures, using the simple flexure principle. Most of those recently developed (Tayebali
et al., 1994a; Pelgröm, 2000) comprise a four-point bending (4PB) frame (Figure 1).

The results of any fatigue test are influenced by the mode of loading, which can be classified
into two different test categories: controlled-stress (or load) and controlled-strain (or displacement).
Failure (or the number of cycles to failure) in fatigue testing has been defined in various ways and
sometimes arbitrarily, and the value cited depends on the mode of loading (Al-Khateeb and Shenoy,
2004). In controlled-stress tests, some researchers have defined failure as the complete fracture of
the specimen at the end of the test (Pell and Cooper, 1975; Tayebali et al., 1992). In order to protect
the instrumentation (e.g., LVDTs) a practical limit was suggested by Rowe (1993), which defined
failure at 90% reduction of initial stiffness, at which point the specimen displayed large cracks.
Regarding controlled-strain tests, failure of the specimens is more difficult to define, since the
stresses within the specimen decrease during the test, as the specimens gets progressively weaker
due to the accumulation of damage, and total failure of the specimen is unlikely to occur. Several
researchers have considered failure of the specimen when its stiffness value has reduced to half of
the initial value (Tayebali et al., 1992; Tayebali et al., 1993; Di Benedetto et al., 2004). Van Dijk
(1975) and Van Dijk and Visser (1977) have suggested that the dissipated energy approach allows
results of different types of tests, carried out under different test conditions with several types
of asphalt mixes, to be described by a single mix-specific relationship that relates the number of
cycles to failure to the cumulative dissipated energy. Rowe (1993) suggested a new concept related
to crack initiation instead of traditional failure of the specimen. Ghuzlan and Carpenter (2000) used
a failure criterion based on the change in dissipated energy (�DE) between two consecutive cycles.
Kim et al. (1997) introduced the 50% reduction in pseudo stiffness as a failure criterion for fatigue
testing, which was assumed to be independent of the mode of loading. Al-Khateeb and Shenoy
(2004) proposed a new failure criterion based only on the observation of raw data collected during
a fatigue test. A fatigue test carried out in controlled-stress can be expressed by a basic relationship
between the number of cycles to failure and the stress level used in the test, as presented in Equation
1 (Pell and Taylor, 1969; Tayebali et al., 1994b).

where Nf = fatigue life; σt = applied tensile stress; a, b = laboratory determined constants. How-
ever, according to Rao Tangella et al. (1990), early fatigue research found that fatigue life of
bituminous mixtures was often better correlated with tensile strains than with tensile stresses, and
that the basic failure relationship could be characterized as in Equation 2. Pell and Taylor (1969)
have suggested a similar relationship for the estimation of fatigue in base courses.

Figure 1. Loading scheme of the specimens in a four-point bending test.
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where Nf = fatigue life; εt = applied initial tensile strain (in load controlled tests); c, d = constants
determined from laboratory testing. In an attempt to account for differences sometimes observed
in the fatigue relationship between life and strain, as loading frequency and temperature vary, a
mixture stiffness term can be added to Equation 2 as shown in Equation 3 (Monismith et al., 1985).

where Nf = number of tensile strain, εt , applications to failure; c, d, e = constants determined from
laboratory testing; S0 = initial stiffness modulus of the asphalt mixture. Based on laboratory test
data presented in the form of Equation 3, several models have been proposed to predict the fatigue
lives (Shell 1978).

3 THE 4PB EQUIPMENT

Taking the aforementioned into consideration, Oliveira (2006) develop a new equipment to study
the fatigue response of grouted macadam mixtures using the principle of simple flexure. Among
the available methods, the 4PB test was chosen, since the failure of the specimen in this type of test
occurs in an area of uniform bending moment. 4PB also avoids the need to glue the specimen to an
end plate, as in the cantilever bending test, which can delay the test set up. The dimensions of the
specimens to be tested dictated the dimensions of the frame. It was decided to use prismatic speci-
mens (beams) sawn from slabs, which were produced in the laboratory using a roller compactor. The
dimensions of the slabs obtained from this process were restricted to 305 mm, which defined, the
maximum dimension of the beam. The other dimensions were selected as 50 × 50 (mm). The 4PB
rig was then manufactured with 90 mm between each load and reaction point (270 mm total span).
This piece of equipment was not designed to allow horizontal movement at the loading and reaction
points. However, due to the type of ball bearings chosen, a small amount of lateral movement was
detected after construction of the equipment, which was taken into consideration in the calibration
process. Lateral movement is necessary to prevent internal stresses developing in the specimen due
to end restraints. In order to connect the frame to the testing machine used (Figure 2), special pieces
were designed and manufactured to fit the existing actuator and reaction plate. The 4PB rig was
also designed taking into account the use of one LVDT, in order to measure the vertical movement
at the neutral axis of the specimen and to control the test when using the controlled-strain mode of
loading. Figure 2 shows also the 4PB rig obtained from this design process. The bitumen percent-
age was of 4.1% with the addition of cellulose fibres. The specimens have been prepared with two
different types of modified bitumen: SBS and PEN50. Figure 2 reports the grading curves used.

Figure 2. Testing machine to be used in the four-point bending tests and grading curves.
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4 TESTS PERFORMED WITH THE EQUIPMENT

Scatter in the results of fatigue tests is unavoidable (Di Benedetto et al., 2004) and it is important to
test as many specimens of the same mixture as is practicable. Too few specimens may not represent
adequately the mixture behaviour and too many specimens would take too much effort and time to
be tested, as well as a large amount of material. According to Ghuzlan and Carpenter (2000), at least
four specimens must be tested to establish a representative fatigue curve. In Oliveira’s (2006) study,
a minimum of five specimens per mixture were used for the stiffness and fatigue tests. 4PB tests
were carried out in strain (displacement) control and it was necessary to determine the deflection
of the central part of the specimen equivalent to a specific strain level (maximum strain applied at
the outer fibre of the beam), which was obtained based on Equations 4 and 5. Both bending and
shear deformation of the beam were considered in the calculations.

where σt = tensile stress (Pa); P = 1oad amplitude applied on specimen (N ) = P/2 on each loading
point; l = beam span (m); b = beam width (m); h = beam height (m); εt = applied tensile strain
(m/m); δ = beam deflection at neutral axis (m); ν = Poisson’s ratio. Based on these relationships,
the complex modulus, E (Pa) can be calculated for each cycle of the test, dividing the maximum
stress by the maximum strain (Equation 6).

In the stiffness tests, 100 cycles were used to determine the stiffness modulus of the material,
considered as the average of the values obtained for each cycle. The phase angle, φ (deg) was
obtained based on the dissipated energy, which was computed, for each cycle, as the area within
the stress-strain hysteresis loop. The phase angle was, therefore, obtained from the relationship:

where wi = energy dissipated at cycle i; εi = peak to peak strain at cycle i; Ei = stiffness modulus
at cycle i; φ = phase angle between stress and strain at cycle i. For each specimen, the testing
procedure included a stiffness test at 5 Hz, followed by a similar test at 10 Hz and concluded with
a fatigue test at the desired strain (displacement) level, also at 10 Hz. The main testing programme
was carried out at 20◦C, but some tests were also carried out a 0 and 5◦C.

5 FINITE ELEMENT ANALYSIS

The FE model (Figure 3) considers, apart from the prismatic specimen, also the loading and
contraint system, with the steel in direct contact with the specimen in the upper side.

The FE simulation reproduces the boundary conditions that the specimen is subjected to in the
4PB device. To better simulate these boundary conditions, the presence of a 2 mm lateral gap
has been considered in order to allow movement without steel-specimen friction. The mesh used is
based on a regular three-dimensional square grid with elements of 5 mm. In total, 7040 3D elements
have been used to model the standard specimen, while for the rest of the steel parts 416 elements of
the same kind were necessary. Finally, forces and contraints were applied direcly on steel chassis.
Number of elements could change for different models developed in parametric analisys. The
FE package ANSYS was available to perform all FE simulations. The library element SOLID45
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Figure 3. Mesh and type of element used in 4PB test FE model.

was used. It was developed for modelling three-dimensional solid structures, and also allows the
input of different material characteristics. After static simulation, modal and harmonic analysis
was carried. A constant equivalent viscous damping ratio was introduced in the material during
dynamic simulation. In the analyses forced vibration excitation was applied with a sinusoidal forces
applied on the model. The system is governed by the expression:

where:
[M ] = structure mass matrix {u} = nodal displacement vector
[C] = structure damping matrix {u̇} = nodal velocity vector
[K] = structure stiffness matrix {ü} = nodal acceleration vector.
[F] = time-dependent forcing function

Structural damping was included only in harmonic analysis. Modal analysis is used to determine
the natural frequency and mode shapes of a structure, with free and undamped vibrations. A modal
analysis should precede any other dynamic analysis. The governing equation then is:

For a linear system, free vibration will be a harmonic of the form, {u} = {u0}cos ωt. For the non-
trivial solution, the determinant must be equal zero. This is an eigenvalue problem, whose solutions
are the eigenvalues and the corresponding eigenvectors. The eigenvalues represent the natural
frequency of the system and the eigenvectors the corresponding mode shapes. Harmonic analysis is
used to determine the response of a structure to harmonic sinusoidally varying forces. The function
F(t) is a periodic value of known amplitude and frequency. The equation of motion, therefore,
can be solved to obtain displacements as a function of frequency. The model calibration has been
conducted comparing the results obtained from the simulations with a previous experimental study
on the fatigue of grouted macadam mixtures. In the previous study a series of tests were carried
out in strain control at 10 and 5 Hz, at the temperature of 20◦C. Strain controlled tests are normally
stopped after the stiffness modulus of the specimen has been reduced to half of its initial value,
but observations made by Oliveira (2006) on the shape of the stiffness reduction curve of grouted
macadam suggested non conventional fatigue performance. Figure 4 shows the reduction of the
Stiffness Modulus, E, as a function of number of loading cycles and of strain level. To each value
of this reduction is also associated the stress level and the value of stiffness modulus.
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Figure 4. Stiffness modulus reduction obtained in the tests as a function of number of cycles.

Figure 5. Comparison between experimental and simulated results.

Figure 6. Parameters considered in the FEM model.

On the basis of these tests it has been possible to validate the FE model in every stage of the
fatigue test. The calibration phase has been carried out considering the situation of absence of
cracks and of linear material behaviour. For each deformation state and cycles number, in the FEM
analysis was introduced a value of E derived from Figure 6. The values of s and d obtained in the
simulation have been compared to those obtained from equations (4) and (5), therefore within the
model was introduced cycle by cycle the experimental evolution of E. This way it has not been
necessary to employ complicated constitutive models to describe the damage process. In Figure 5, a
comparison between experimental and simulated results for tests performed at two different strrain
levels is shown.
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Figure 7. Variation of stress and strain trough the bottom median line of the beam.

Figure 8. Stress and strain distribution within the beam.

As can be observed, the FE model results are much more accurate in determining stresses at low
number of load cycles than high number, when the damage affect linear behaviour of the materials.
In this case errors of up to 10% were obtained. After this stage, a parametric analysis of the model
has been conducted varying material characteristics, geometry, loads and constraints. Moreover
the possible presence of a crack was considered so that it would be able to significantly modify the
model’s response and its overall symmetry.

6 RESULTS

The results analysis evidences remarkable differences between the FEM results and what was
expected from Equations 4 and 5 for the evaluation of stresses and strains within the beam specimen.
Figure 7 shows the comparison between horizontal stresses evaluated by Equation 4 and the results
of the FE simulation. In the position of the loading points two peaks are evident that define a
median sector of the specimen with constant lower stresses. Similar behaviour is observed for
the horizontal strains, but with less difference between the values. In the graphs, the peaks were
deliberately given the maximum values estimated by Equations 4 and 5. In relation to these values,
the reduction of stress and strain in the specimen central part is of 56.0% and 83.5%, respectively.

The FE analysis is evidencing a much more complex stress (strain) distribution than what is
traditionally assumed for the 4PB test. Figure 8 shows how in the specimen’s initial and final
sections this distribution is very heterogeneous, while the central part is subjected to higher stresses
and strains distributed more homogeneously.

A detailed analysis of the central sector shows conspicuous differences also in the transversal
direction. On the bottom side of this area (PATH2), values 10.3% higher than in the median
line (PATH1) take place. Such trend can explain the origin of the cracks observed during the
experimental tests. The simplistic hypothesis of constant stress and strain in the bottom face of the
central sector would imply an even probability of crack initiation. This is not in accordance with
the experimental evidence that reports the formation of cracks mainly at about 5–10 mm from the
loading points. While propagating (see Figure 9), these cracks substantially modify the specimen’s

277



Figure 9. Crack growth and horizontal deformations peak.

Figure 10. Comparison between an intact and a cracked specimen (PATH1).

geometric configuration and, therefore, the subsequent stress and strain distribution. The evaluation
of stresses and strains and of the stiffness modulus has, then, to be reconsidered after the crack
initiation as the specimen’s reacting section is decreased.

It can be observed (Figure 10) that the specimen’s central sector is not anymore characterised by
uniform distributions. Strains decrease of 73.8% in the middle of PATH1 with respect to the value
without crack. Obviously, the stress state increase dramatically in PATHs different from those
considered, particularly in those that pass through the vertex of the crack. The areas adjacent
the crac are unloaded but a reduction of 20.4% is noted also close to the loading point. The obvious
conclusion is that LVDT measurements taken when a crack occurs induce an artificial evaluation
of the strain state in the central sector of the beam, supplying, at most, an estimated average.

The results of the parametric analysis indicate a particularly stable behaviour of the equipment
in presence of small imprecision of the lateral constraints placement. For movements of these
points of less than 2.0 mm, the maximum central displacement and stress have reported a change
less than 3%. When the loading points are not accurately positioned (2 mm of the left) the vertical
displacement varies very little and, as a consequence, so does the strain level estimated by Equation
4. On the contrary, the FEM analysis shows that, even if the vertical displacement remains almost
unaltered in the middle, the strain peaks on the loading points change. Their trend, now asymmetric,
is 19.3% higher in the moved loading point (Figure 11).

A reduced planarity of the specimen’s faces determines very little changes in the results. The
mechanic parameter that rules the specimen’s response is the stiffness modulus E, while the Poisson’s
ratio is of little importance. Going from ν = 0.32 to ν = 0.47 the strains decrease of less than 3%.
It is interesting to observe how the model’s response is particularly sensible to the width of the
loading points and of the constraints at the end of the beam (Figure 12). When their dimension
varies from 30.0 to 10.0 mm the the deflections increase of 57.8% while stresses and strains in the
middle area change of less than 5%. In the peaks, the stresses increase of 20.1%.

For the same resultant but with forces on the left loading point 15% higher than those on the
right loading point the values of deflections, stress and strain remain unaltered. When the unbalance
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Figure 11. Horizontal deformations under the hypothesis of the movement of the left loading point towards
the centre.

Figure 12. Effects of change of width of loading and constraint points.

Figure 13. Values of strain for different crack position.

is in the transversal direction, torsion takes place that, in the FE model, does not affect sensibly
the tenso-deformative components considered. As for the crack, the deflections increase of 45%
independently of its position (5.0, 10.0 and 15.0 mm from the loading point). The stresses in the
middle point decrease when the crack initiates far from the loading point. At 20 mm and 10 mm
they are reduced by 24.1% and 11.6% respectively (see Figure 13).

The length of the crack also influences the specimen’s response. In relation to the FE intact
model, it is noted in the middle point the deflections double for a crack length of 25 mm. The

279



strains reduce their value to 71.7%, 18.3% and 12.6% of the original value respectively for crack
length of 5 mm, 15 mm and 25 mm.

7 CONCLUSION

In the UK, the Indirect Tensile Fatigue Test (ITFT) is routinely used to determine the fatigue life of
bituminous materials. However, the test does not represent the actual flexure of a pavement layer,
under a moving wheel. Therefore, a four-point bending apparatus have been developed, as pre-
sented in this paper, in order to carry out a comprehensive study on its fundamental characteristics
(i.e., geometry, material, asymetric condiction in loads and contraints, etc.) and conseguence on
estimated fatigue life. The analysis revealed significant discrepancies between the FEM simulation
and the relationships used to calculate stresses and strains within the 4PB beam specimen. The
FEM analysis shows much more complex distributions than traditionally accepted. Both stresses
and strains in the central part of the specimen are uniformly distributed only in the case of absence
of cracks, although even in this situation considerable differences remain in the transversal direc-
tion. Moreover, the FE results show peak values of stresses and strains nearby the loading points.
This could explain the origin of the cracks observed during the experimental tests. The simplistic
hypothesis of constant stress and strain in the bottom face of the central sector, on which Equa-
tions 4 and 5 are based, is not in accordance with the experimental evidence. The crack initiation
substantially modifies the specimen geometric configuration and, therefore, the consequent stress
and strain distribution, therefore their evaluation (and the estimation of E) by Equations 4, 5 and
6 has to be reinterpreted. From what was shown, it appears that the LVDT readings on the beam’s
neutral axis, especially when a crack occurs, should be reinforced and that they could induce an
artificial evaluation of the deformational state in the beam’s central part. The parametric analysis
demonstrated a stable response of the 4PB to small irregularities in the position of the constraints
and in the faces planarity. This also happens for force unbalances not larger than 10–15%. On the
other hand, the width of loading and constraint points was found to be important.

On the basis of these, it is clear the need to supply a more robust theoretical background of the
real meaning of the test as a function of its geometrical variables, together with its standardisation.
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bending test

M.L. Nguyen, C. Sauzeat & H. Di Benedetto
ENTPE, Vaulx-en-Velin, France

L. Wendling
CETE Lyon – Laboratoire Régional d’Autun, Autun, France

ABSTRACT: The fracture behavior was investigated for two asphalt mixtures, one with pure
bitumen and one with polymer modified bitumen. For this study, a four-point bending notched
fracture (FPBNF) test, which has been designed at ENTPE (France), was used. Different displace-
ments were measured on the notched beam specimen (deflection of the beam, crack mouth opening
displacement-CMOD, displacements above the supports . . .). The crack length was also determined
with crack propagation gauges. Cyclic or monotonic loading paths are applied. Classical analyses
are made within the framework of linear elastic fracture mechanics. The fracture toughness is then
evaluated with different methods, based on the measurement of the crack length. An improved
approach to calculate the crack length is also presented. It relies on inverse analysis with FEM
calculation of two displacements recorded during the test: crack mouth opening displacement and
deflection of the beam. This new approach allows taking into account the viscoelastic properties
of the mixtures.

Keywords: bituminous mixtures, crack propagation, fracture toughness, four-point bending
notched fracture test.

1 INTRODUCTION

Cracking is one of the major distresses in asphalt pavements. The main causes of cracking include
the road traffic (fatigue cracking . . .), and the climatic conditions (low temperature and temperature
cycling). This work deals with the cracking at rather low temperatures.

Fracture mechanics concepts have been applied in recent studies to the fracture behavior of
bituminous materials (reviewed in Gauthier & Anderson, 2006). This paper presents part of a
study where linear fracture mechanics (LFM) theory is applied to asphalt mixture. A four-point
bending notched fracture (FPBNF) test, which has been designed at the ENTPE/DGCB laboratory
in Lyon (France), was used. The principle of FPBNF test is presented en Figure 1. It differs from
the single edge notched beam (SENB) test (three points bending) which has been widely used
in the literature to determine fracture properties of asphalt mixtures (Kim & El Hussein, 1997,
Artamendi & Khalid, 2004, Wendling et al., 2004). The main difference between the FPBNF test
and the SENB test is that a constant moment field is created in the middle part of the beam.
Moreover, in (Artamendi & Khalid, 2006), the authors also presented a comparison between SENB
tests and semi-circular bending (SCB) fracture tests for mixtures. The SCB test is also used in
other researches (Molenaar & Molenaar, 2000, Marasteanu et al., 2002, Li & Marasteanu, 2005).
Another fracture test is the disk-shaped compact tension (DC(T)) test which has been developed
as a practical method for obtaining the fracture energy of asphalt concrete (Wagoner et al., 2005).
One of the main advantage of the SCB and the DC(T) geometries is that cores obtained directly
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from the pavement or gyratory-compacted specimens can be used to make specimens for the tests.
However, there has been no major reported work on FPBNF test.

In this paper, the different measurements on the specimen and the description of the FPBNF test
are first detailed. Experimental campaign is then presented including tested material, specimen
preparation and examples of cyclic loading test results. Analyses are realized on determination of
crack length and the fracture toughness parameter which is based on linear elastic fracture mechanics
(LEFM) hypothesis. An improved approach to calculate the crack length is also presented. It allows
taking into account the viscoelastic properties of the mixtures.

2 PRESENTATION OF THE FOUR POINTS BENDING NOTCHED FRACTURE TEST

Cracking in bituminous mixtures is investigated with a four points bending test which has been
designed at ENTPE (Figure 1). Tested specimens are pre-notched prismatic bars 55 cm long, 7 cm
high and 6.5 cm wide. A 2 cm high initial notch is made in the middle of the beam. The specimen
preparation and the way to create the notch are presented in the next section (3.1).

A servo-hydraulic machine is used to perform the tests. The displacement of the piston (measured
by an integrated transducer) is used as the feedback signal, for the considered tests. However any
other sensors may be used to monitor the test (crack opening or other). Monotonic tests as well as
loading-unloading cycles are applied. A 50 kN load cell equips the press and measures the applied
load (P).

In order to control the temperature, a thermal chamber is used. The big size of the specimen
imposes to use a specifically designed chamber. The temperature inside the chamber may be
regulated from −50◦C to 80◦C. A thermal gauge is fixed on the specimen to measure its surface
temperature.

Three linear variable differential transducers (LVDT) are used to measure displacements on top
of the beam: deflection in the centre of the beam, LVDT2, and both displacements at the vertical
of the two lower supports, LVDT1 and LVDT3 (see Figure 1). The measurement range of the used
LVDTS is 5 cm. Taking into account the punching effect of the lower supports into the beam, the
“true” deflection of the beam, called f , is obtained by:

The displacement of the upper support applying the load is also measured by the LVDT integrated
in the piston of the press.An extensometer is used to measure the crack opening displacement (COD)
at the notch. It is placed under the beam (see Figure 1).

The most important measurement in such test is certainly the crack length. In order to follow the
crack propagation, cracking gauges are also used. These gauges are constituted of 21 parallel wires

Figure 1. Four points bending notched fracture (FPBNF) test at ENTPE.
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separated each other by 2.5 mm, which are supposed to break the ones after the others, in order to
indicate the crack propagation. The used gauges are 8 cm long and about 5 cm high. Two gauges
are glued on each lateral faces of the specimen, so that the first wire of each is just over the initial
notch. The way to obtain the crack length from these gauges is detailed further (see section 4.1).

3 EXPERIMENTAL CAMPAIGN

3.1 Materials and specimen preparation

Two asphalt mixtures were investigated in this study, called “BBC” according to the French clas-
sification (NFP98-133, 1991). They have the same type of aggregate (from “La Noubleau” quarry
(Maguet, 2005)) and same grading 0/6 mm. The first one is made with pure bitumen (35/50 pen
grade) and the second one is made with polymer modified bitumen (Styrelf 13/40). The binder
content is the same, 6.85% by dry weight of aggregates.

Tests were carried out on specimens obtained from three slabs: PA and PB (P for pure binder
35/50) and ME (M for binder modified with the polymers Styrelf 13/40), as indicated inTable 1. The
specimens were provided by the “Laboratoire Régional des Ponts et Chaussées” of Autun (France).
The slabs were compacted with LPC wheel compactor (NFP98-250-2, 1997). The dimensions of
each slab are 59.5 × 39.5 × 12 cm. Each slab was sawn to provide 5 specimens of 55 × 6.5 × 7 cm
(Figure 2). The edge of the slabs where eliminates to obtain more homogeneous specimens, having
well-distributed voids. The tested materials and test conditions are summarized, in Table 1.

As the energy needed to initiate and propagate crack is very dependent on the initial notch, great
care was taken to create it. The 2 cm notch was performed in two steps. Firstly, a circular saw was
used to obtain a 1.5 cm deep and 5 mm wide notch. Then the notch was ended carefully by hand
with a hacksaw. Thus, at the bottom, the notch is about 1 mm wide.

3.2 Experimental campaign and results

Fifteen specimens from three slabs (PA, PB and ME) of two asphalt mixtures were tested (see
Table 1). The displacement rate of the piston was fixed at 1 mm/mn for loading or unloading.
Temperature remains constant during all tests, at −5◦C.

Table 1. Tested materials and test conditions.

Slab No. of sample Bitumen % binder Material Temperature test Displacement rate

PA 1; 2; 3; 4; 5 pure 35/50 6.85 BBC 0/6 −5◦C 1 mm/min
PB 1; 2; 3; 4; 5 pure 35/50 6.85 BBC 0/6 −5◦C 1 mm/min
ME 1; 2; 3; 4; 5 PMB Styrelf 13/40 6.85 BBC 0/6 −5◦C 1 mm/min

Figure 2. (left): slab from LPC wheel compactor; (right): specimens sawed from the slab (left) (orientation
is conserved).
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Figure 3. Typical load – deflection curve, and COD – deflection curve of FPBNF test with cyclic loadings
(test ME1). Here, deflection f is calculated according to equation (1) (cf. section 2).

Figure 4. (left): cracking gauges glued on the specimen; and (right): typical measured voltage–time curve.

During the test on specimen PA1, only a monotonic loading was applied until the final failure.
For the fourteen other tests, some unloading/reloading cycles were applied. The beam was unloaded
down to a load very close to 0 kN then reloaded, both at constant displacement rate.

The results obtained for specimen ME1 (PMB mixture) are presented in Figure 3. Monotonic
loading was applied until the peak load, and then some unloading/loading cycles were applied.

In this paper, analyses focus on the methods to determine the crack length. Due to the lack of
space, complete analyze of the whole tests campaign is not presented (cf. Sauzéat et al., 2006).

4 DETERMINATION OF CRACK LENGTH

4.1 Measurement of crack length using cracking gauges

Two cracking gauges were glued on lateral faces of the specimen, as shown on Figure 4 (left), to
measure crack propagation. This measurement device has been applied in many studies (Lemaistre,
1998, Jiang et al., 2004, Wendling et al., 2004).

As one gauge is used on each side of the specimen, two different crack length values are obtained,
noted agauge1 and agauge2. Results given by the two gauges are plotted in Figure 7, for test ME1 already
chosen in Figure 3. As shown in Figure 7, some differences appear between the two values: agauge1

and agauge2. The crack length is slightly different on each side and may also have a different evolution
inside the beam (quicker or slower than on each side).
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Figure 5. (left): model used in FEM calculation; (right): rd value calculated by FEM (eq. 2) function of a.

One of the drawback of this method is that the detection of the crack may be delayed due to
the strength deformation of the gauge wires. Macro-cracks having a minimal width only may be
detected. Figure 7 shows that the detected macro-crack appears after the peak of the load-deflection
curve. Damage occurring before the peak load is not observed and needs another method to be
detected.

4.2 New proposed approach to estimate crack length

A new approach is presented here to calculate crack length during the test. Our method is based
on the relationship between two measured displacements: COD and deflection of the beam, f (see
section 3). It is named thereafter “Displacement ratio method for predicting crack length” (DRCL)
in order to simplify the notation. The ratio between COD and deflection f is called rd :

This method relies firstly on experimental observation. As shown in Figure 3, the relation between
COD and f during tests may be analyzed. The reloading part of the unloading/reloading cycles can
be assimilated to a line. By extrapolation, the obtained line passes through the origin, as shown
in Figure 6. A linear viscoelastic behavior, without propagation of the crack during this reloading
period, can then reasonably be assumed for the mixture.

The second part of the method relies on FEM calculation. A calculation is made in order to
determine the displacements field in the beam during the test. Considering the boundary conditions
imposed on the beam (Figure 5 left), it can be shown that the displacements field is the same for
an elastic or a viscoelastic material. It is independent on the modulus of the material.

The code FEMLAB was used for the calculation, which is described in details in (Nguyen, 2005).
This calculation is based on the hypothesis of isotropic linear elastic behavior. This calculation is
repeated for different values of crack length a, in order to obtain the displacement ratio rd (eq. 2)
as a function of a (Figure 5 right).

The last part of the method consists in linking the ratio rd determined from measurements with
the crack length a, thanks to the calculation. This may be done at the different points where the
unloading/reloading cycles are realized.

It has to be underlined that this method can also be applied if no cycle is performed. In that
case, a crack length is calculated for all the points of the monotonic curve: COD in function
of f (Figure 6 right). Then, the crack length evolution is obtained during the whole monotonic
loading test.

4.3 Comparison of crack length obtained by the different methods

The different methods to obtain the crack length are exposed in the previous section. The Table 2
presents the notation that will be used to call the different obtained crack length.
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Figure 6. Calculation of the crack lengths “ai” thanks to the displacement ratios rd determined from the
COD-f curve (test ME1). (left): Curve with cyclic loadings; (right): monotonic loading. The values of ai are
in centimeters.

Table 2. Crack length “a” determinations.

agauge Obtained from the 2 cracking gauges (failure of different wires) (Figure 4)
a(rd ) Obtained by FEM back calculation from COD-f curve corresponding to the monotonic loading

curve (Figure 5, Figure 6)
a0 Obtained by FEM back calculation from the initial part of the loading curve (Figure 6 left)
ai Obtained by FEM back calculation from the reloading part of the cycle n◦ i (Figure 6 left)

Figure 7 presents a comparison of the crack length obtained by two different methods: a(rd )
and agauge (see Table 2) for the ME1 test (same test as presented in Figure 3 and in Figure 6). In
Figure 7, the evolution of crack length calculated by the DRCL method a(rd ) is rather close to
the evolution of crack length obtained experimentally by the cracking gauges system (agauge1 and
agauge2). A difference can be noted at the beginning of test.

The DRCL method enables to obtain the crack length before propagation, which corresponds
to the initial notch length. At the beginning of the curve: the deflection f increases, but the crack
length a(rd ) remains constant, equal to a0. This first value a0 is indicated in Figure 6 and its value
is 1.99 cm. It corresponds to the length of the initial notch created manually in the beam (see
section 3.1). The very good agreement between a0 (1.99 cm) and initial notch depth (2 cm) proves
the relevance of our proposed method.

The main difference between a(rd ) and agauge is a shift in the initial part. The DRCL method
predicts crack existence before the detection by the cracking gauges. The start of calculated a(rd )
propagation (point A in Figure 7) appears clearly before load P reaches its peak value (point B
in Figure 7). Furthermore, the cracking gauges detect the propagation start (points C1 and C2 in
Figure 7) after this peak value (point B in Figure 7). This phenomenom has already been observed
by other authors (Lemaistre, 1998), who used the same measurement devices. This delay is due to
the possible elongation of the wire before it cracks. A calculation is proposed to investigate this
issue in the next section (4.4).

The fact that the calculated crack (a(rd )) propagates before the peak of the load value can be
explained when considering the formulated hypothesis: linear material (elastic or viscoelastic) and
respect the linear fracture mechanics (LFM). In reallity is well admited before crack propagation,
a phase of initiation (or starting) exists during which no apparent degradation is “visible” (cf. Di
Benedetto & Corté, 2005). Only micro-cracks develop. Some studies show that damage occurs
before the crack propagation (Simonin, 2000, Wendling et al., 2004). As no damage is considered
in our calculation, the calculated crack tip is then situated inside this damage zone.
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Figure 8. FEM back calculation of elongation of the wires of cracking gauges when they fail (test ME1).

4.4 Calculation of the elongation of the cracking gauge wire when it breaks

In the previous sections, we pointed out an elongation existing before a wire of cracking gauge is
cut off. It is possible to estimate this elongation with a FEM calculation. As described in Figure 8,
for each measurement of crack length obtained by the gauge, agauge, it is possible to determine a
crack length a(rd ) by the back calculation explained before. Assuming that this crack length defines
the bottom of the crack, FEM calculation enables to calculates the crack opening displacement,
where the gauge wire is cut off (the distance from the bottom of the crack is given by a(rd ) − agauge).
This displacement corresponds to the elongation of the wire gauge (noted e), when considering the
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postulated hypothesis. Figure 8 presents the results of the elongations of cracking gauges wires for
test ME1. A value of 0.2 mm could be considered.

5 FRACTURE TOUGHNESS KIC

The fracture toughness is a classical parameter used to evaluate material performance and resistance
regarding cracking. It requires the accurate knowledge of crack length.

Considering a linear elastic behavior, the critical stress intensity factor or fracture toughness in
mode I is calculated, for the four points bending fracture test, by the formula below:

where P = fracture load; Y (x) = geometry factor; L = lower span of the beam; l = upper span of
the beam; B = width of the beam; W = height of the beam; a = crack length.

The geometry factor Y (x) is calculated, according to the compliance method (Fantozzi et al.,
1988), by the formula:

where x = a/W relative depth of the notch; C = compliance of the sample; E′ = E/(1 − ν2) with
E =Young’s modulus; ν = Poisson’s ratio.

This geomerty factor was calculated with a FEM calculation (Nguyen, 2005). It should be
underlined that the geometry factor depends only on geometry of the beam and on Poisson’s ratio.
It is independent on the Young modulus, which can take any value for FEM calculation.

In this paper, different methods are used to calculate this fracture toughness.
The first method is based on the value a of the initial crack (or notch) length and a value PQ

obtained from the load-deflection curve (Figure 9). The ASTM Standard .ASTM-E399, 2005,
developed for the determination of the fracture toughness of metals gives the method to obtain

Load P A A A

PQ = P10 P10 P10

Pmax Pmax
Pmax = PQPQ

Deflection fO O O

Type I Type II Type III

Figure 9. Determination of PQ according to the slightly modified ASTM standard (ASTM-E399, 2005):
First, the secant line OP10 is drawn through the origin of the test record with 10% deviation from the initial
tangent line OA. If the load at every point on the record which precedes P10 is lower than P10, then PQ = P10
(type I); if, however, there is a maximum load preceding P10 which exceeds it, then this maximum load is
PQ (type II and III). The following limitation is required to ensure of that the LEFM can be used as a first
approximation: Pmax/PQ < 1.10.
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the PQ. According to Molenaar & Molenaar, 2000, to account for the heterogeneity of asphalt
specimens, a slightly more tolerant method based on the ASTM Standard was chosen to obtain
the value PQ. This is explained in Figure 9. The value obtain for fracture toughness is noted
KIC(PQ).

A second method considers each of the re-loading periods. The crack length is calculated by
the method presented in section 4.2(cf. also Figure 6 left). The values of crack length are called
ai (cf. Table 2) and the associated load values PQi are determined in the same way than PQ when
considering each reloading curves.The fracture toughness is noted KIC(ai).

At last, a third determination of the fracture toughness is considered, in using the crack length
values a(rd ) (cf. Table 2 and Figure 6 right) which enables to follow continuously the evolution
of crack length during tests. The load values (P of equation 3) are directly obtained on the load-
deflection curve.

Before the propagation of the initial crack (point A of Figure 7), the parameter is noted KI (a).
As the crack does not propagate KI (a) is a stress intensity factor but not the critical stress intensity
factor (fracture toughness). After the start of propagation, it is noted KIC(a). The great advantage
of the method is that it enables to follow the value of fracture toughness continuously during the
test (the cycles periods must be eliminated).

Figure 10 presents the values of fracture toughness (KIC) and stress intensity factors (KI ) obtained
from different methods as a function of the crack length, for test ME1 already chosen in Figure 3,
Figure 6 and Figure 7. The scatter at the end of the test (a > 0.055 m) is explained by the hetero-
geneity of the material. The evolution of KIC at that moment depends strongly on the size of the
ligament.

Figure 10 reveals that fracture toughness increases with the crack length. This result has been
observed by other authors using different approaches (Marasteanu et al., 2002). The values of
KIC(a) vary from about 1.4 to 4 MPa

√
m for material ME. These values of KIC(a) are higher than

the value calculated from the initial notch length and PQ (KIC(PQ) = 1.21 MPa
√

m for the same
specimen). It is also sligthly higher than the values KIC(ai) obtained from the cycle periods.

Figure 11 presents the fracture toughness KIC(a) and the stress intensity factor KI (a) as a function
of the crack length of one specimen of each other slab PA and PB. The results show that asphalt
mixture with polymer modified bitumen has a sligthly better fracture resistance, at the studied
experimental conditions (T = −5◦C, displacement rate = 1 mm/min). This result is confirmed by
the obtained values of KIC(PQ), presented in Table 3.
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Figure 10. KIC and KI determined with different approaches (test ME1) : KIC (PQ): equation (3) with P = PQ
(Figure 9) and a = a0 = 1,99 cm; KI (a): equation (3) with P = Pi before the peak of the load and a = ard
(Figure 6 right); KIC (a): equation (3) with P = Pi after the peak of the load and a = ard ; KIC (ai): equation (3)
with P = PQi and a = ai (Figure 6 left).
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Table 3. Mean values and standard deviation of KIC (PQ) of tested
asphalt mixtures (Table 1).

No. of slab PA PB ME

KIC (PQ) (MPa
√

m) 1.15 1.14 1.23
Standard deviation 0.04 0.08 0.06

6 CONCLUSIONS

The Four Points Bending Notched Fracture Test designed at the ENTPE/DGCB laboratory has been
used to study cracking of two bituminous mixtures at low temperature (−5◦C).

A new method is used to calculate, from displacement measurements on the beam, the length of
the crack in a continuous way during the test. It is compared with direct measurement from cracking
gauges. The results show that cracking gauge reacts slightly after the occurrence of the calculated
crack considering linear viscoelastic and linear fracture mechanics hypotheses. The elongation of
the wire of the crack gauge before failure could be estimated at 0.2 mm.

In fact, the calculated crack length is an equivalent length, which is the sum of the macro-crack
and an equivalent crack taking into account the effect of the damaged zone in front of the crack.

Among the 2 tested materials, the mixture composed of polymer modified bitumen has a slightly
better resistance than the mixtures made with pure bitumen.
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ABSTRACT: This paper presents a micromechanics-based computational model and testing pro-
tocols to characterize damage-associated mechanical responses (such as evolution of microcracks,
structural degradation, and fracture failure) of asphalt concrete mixtures in flexible pavements.
Based on micromechanics concepts, this approach employs directly-measured material and frac-
ture properties of mixture constituents to predict damage-dependent behaviour of global scale
asphalt concrete mixtures. The presented methodology is expected to provide an increase in
predictive power and a significant savings in experimental costs and time over traditional phe-
nomenological approaches due to its innovative features including: (1) nonlinear inelastic material
behavior, (2) rate-dependent microscale fracture-damage, (3) small-scale material characteriza-
tion that reduces experimental effort and complexity, and (4) non-destructive image techniques
to provide real heterogeneity of asphalt concrete mixtures. Experimental protocols to measure
fundamental material properties and fracture-damage characteristics of mixture constituents are
introduced, and testing results are presented. Measured mixture constituent properties are then
incorporated into constitutive models and micromechanical finite element analyses to ensure that
the measured fundamental properties of mixture constituents are key factors controlling overall
damage-induced performance of asphaltic composites. The outcomes of this study lead to estab-
lishing the linkage between the properties of the mixture constituents, microstructure distribution
such as mixture heterogeneity, damage localization, and global structural performance.

1 INTRODUCTION

Fracture damage is a primary cause of failure in asphalt mixtures in flexible pavements. A precise
understanding of the fracture damage behavior of asphalt mixtures is required to improve pavement
thickness design and hot mix performance evaluation. However, the accurate characterization
and evaluation of the fracture damage in asphalt mixtures is challenging because of significant
geometric complexity due to aggregates embedded in the mixture and highly nonlinear-inelastic
damage evolution phenomena.

Recently, micromechanics-based computational approaches (Buttlar and You 2001; Guddati
et al. 2002; Papagiannakis et al. 2002; Birgisson et al. 2004; Dai et al. 2005; Abbas et al. 2007) has
been receiving increasing attention from the asphalt materials/mechanics community, because it can
separately account for numerous damage modes by considering individual mixture constituents and
mixture heterogeneity using microstructural characterization through image analysis techniques.
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Even if most computational micromechanics approaches have successfully simulated geometric
heterogeneity (i.e., random orientation of irregularly shaped aggregates) and predicted the stiffness
reduction due to the damage and fracture of asphalt samples, to the authors’ best knowledge, they
are somewhat limited to account for damage initiation-evolution due to path- and rate-dependent
energy dissipation. In addition, most of the approaches determine damage-dependent properties
either by using arbitrary values for simulation purposes only or by a posteriori matching of damage
evolution characteristics with the laboratory performance testing results from the bulk mixture
sample, typically through regression curve fitting. Since the fracture properties are fundamental
properties of each mixture constituent, they should be directly identifiable a priori by conducting
appropriate tests that can characterize constituent-level damage events in asphalt mixtures.

This paper presents a new experimental technique and theoretical modeling concepts based
on micromechanics to identify path- and rate-dependent damage evolution characteristics of
asphalt mixtures. Successful development of the new testing protocol and the theoretical model
is then developed within a fine-mesh finite element model through image analysis techniques to
characterize and predict damage dependent material behavior of different asphalt mixtures.

2 MICROMECHANICS-BASED COMPUTATIONAL MODELING

As illustrated in Figure 1, the microstructure of a general asphalt mixture in the pavement sur-
face layer consists of randomly oriented aggregate particles, asphalt binder or mastic surrounding
aggregate particles, and entrained air voids. At room temperature or higher, the aggregate particles
typically demonstrate linear elastic behavior, while the asphalt binder/mastic phase is subjected
to significant damage resulting in nonlinear-inelastic performance of the overall asphalt concrete
mixture. Damage exists in the sample in various forms such as cracks and plastic flow, and severity

Figure 1. Micromechanics-based computational modeling concept of asphalt concrete mixtures.
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and location of the damage depends on stress-strain states developed by applied loading to the
sample. Due to the significant geometric complexity and nonlinear-inelastic material response,
computational approaches based on the micromechanics concepts have been considered the best
option for a realistic simulation of small scale damage and interactions among mixture constituents
and their impact on overall structural failure of asphalt concrete mixtures.

2.1 Elastic model for aggregates

The linear elastic constitutive relationship for the aggregate particles can be expressed as:

where σij(xk , t) = stress as a function of space and time,
εkl(xk , t) = strain as a function of space and time,
Cijkl,E = elastic modulus which is not time-dependent,
xk = spatial coordinates, and
t = time of interest.

The time-independent elastic modulus consists of elastic material properties. If the individ-
ual particle of aggregates is assumed to follow simply isotropic linear elastic behavior, only two
independent material constants among Young’s modulus, shear modulus, and Poisson’s ratio are
required. A Young’s modulus of 55.2 GPa and a Poisson’s ratio of 0.15 can be reasonably assumed
based on a study by Zhou et al. (1995).

2.2 Viscoelastic model for asphalt binder/mastic

The constitutive behavior of the asphalt phase can often be represented by the following linear
viscoelastic convolution integral:

where Cijkl,VE(t) = linear viscoelastic time-dependent stress relaxation modulus, and
τ = time-history integration variable.

The linear viscoelastic relaxation modulus of the asphalt phase is determined by performing
linear viscoelastic constitutive tests such as static creep/relaxation tests or dynamic frequency
sweep tests using the dynamic shear rheometer (DSR). Testing results can be represented by a
mathematical form such as a Prony series based on the generalized Maxwell model. The linear
viscoelastic stress relaxation modulus by a Prony series can be expressed as

where Cijkl,inf and Cijkl,p = spring constants in the generalized Maxwell model,
ηijkl,p = dashpot constants in the generalized Maxwell model, and
q = the number of dashpots.

2.3 Nonlinear viscoelastic model for fracture-damage of asphalt phase

Modeling of fracture-damage zone is complex subject particularly for inelastic materials such
as asphalt mixtures. The fracture-damage behavior can be modeled in many different ways, and
one of the well-known approaches is to implement a cohesive zone as illustrated in Figure 1. The
cohesive zone models are well-established tools in classical fracture mechanics developed to remove
stress singularities ahead of crack tips. The cohesive zone modeling concept, as implemented and
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demonstrated in several recent studies (Souza et al. 2004; Kim and Buttlar 2005; Kim et al. 2005),
has been receiving increasing attention from the asphalt mechanics community. The cohesive zone
concept is useful and powerful because it can properly model both brittle and ductile failure, which
is frequently observed in asphalt mixtures due to their wide range of service temperatures and
loading rates.

In 2001, Allen and Searcy proposed a nonlinear viscoelastic cohesive zone model. Since the
model developed by Allen and Searcy can appropriately reflect nonlinear viscoelastic damage
growth in the asphalt mixtures, the model was selected for this study. The model can predict damage
evolution, microcracking, corresponding post-peak material softening, and eventual fracture failure
of highly inelastic asphalt mixtures. The two-dimensional traction-displacement relationship for
the nonlinear viscoelastic cohesive zone model is as follows (Allen and Searcy 2001):

where Ti(t) = cohesive zone traction,
ui(t) = cohesive zone displacement,
δi = cohesive zone length parameter,
λ(t) = normalized cohesive zone displacement = [(un(t)/δn)2 + (us(t)/δs)2]0.5,
α(t) = damage evolution function,
ECZ (t) = linear viscoelastic relaxation modulus of the cohesive zone, and
i = n (normal direction), or s (tangential direction).

Viscoelastic stress relaxation modulus of the cohesive zone is also determined by performing
laboratory constitutive tests, the results of which can also be represented by a Prony series form
(in Equation 3) to be implemented into the model.

The cohesive zones are typically implemented by employing interface elements, as shown in
Figure 1, to model the growth of new boundary surface (such as cracks). A single interface element
consists of two line elements that occupy the same location as the intact state but are separated into
two parts when the level of damage at the cohesive zone reaches its critical value. For example,
when the damage evolution function α(t) reaches the value of unity in Equation 4, the cohesive
zone traction decays to zero, thus resulting in damage growth (e.g., crack extension).

To characterize the cohesive zone model, laboratory testing defining the cohesive zone length
parameter, δi and the damage evolution function, α(t) needs to be performed. This testing, which
can directly determine model parameters of binder/mastic samples, is developed and presented
in the later section (Development of a Fracture Testing System). The directly measured damage
characteristics can then be incorporated into an analytical equation containing damage evolution
parameters (α1 and m) such as,

The damage evolution is a simple form of power relationship as a function of λ(t); therefore, it
is appropriate for simulating rate-dependent damage growth which is typical in viscoelastic bodies
such as asphaltic composites.

2.4 Fine-mesh finite element method (FEM)

As illustrated in Figure 1, the finite element method based on micromechanics concepts was
employed to deal with material characteristics of individual mixture constituents (such as aggre-
gates and asphalt binder/mastic) through microstructure characterization of real asphalt concrete
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mixtures. Figure 1 shows a binary digital image, its magnified subsection, and finite element
meshes of a real asphalt mixture microstructure consisting of aggregates in white and asphalt
binder/mastic in black. The digital image in the figure is the final adjusted image through a sequen-
tial image processing of the asphalt mixture microstructure captured from a cross section of a core
compacted with a Superpave gyratory compactor.

The cohesive zones which are subjected to initiation of microscale fracture-damage and its
propagation have been simulated by employing regularly oriented interface elements based on a
pixel grid from the digital image processing. Digital pixel information during image processing
has been translated into triangular solid elements and interface elements between solid elements
within the binder/mastic to simulate damage within the binder/mastic phase. The binary digital
image shown in Figure 1 is 0.028 m by 0.028 m, which has been digitized to 200 by 200 triangular
elements. This results in a 280 µm/element, which infers that the finite element analysis can allow
one to successfully simulate microscale damage of 280 µm.

3 DEVELOPMENT OF A FRACTURE TESTING SYSTEM

To determine the fracture properties of asphalt binder/mastic, a relatively simple but fundamentally
rigorous tensile fracture testing method has been developed. This development was initiated in a
previous study performed by Williams (2001). As illustrated in Figure 2, the test setup incorporates
the use of digital cameras strategically positioned to capture the geometric variation of the asphalt

Figure 2. Tensile fracture testing system.
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Figure 3. Traction vs. time curves at different film thicknesses.

binder/mastic specimen throughout the test. The test is performed under a displacement-controlled
quasi-static monotonic or cyclic mode. The three-dimensional displacements are captured by the
cameras at the same time as a load cell, installed in the system, displays the tensile force. The
force-displacement data provide the input necessary to characterize the fracture properties.

The testing device is composed of four main parts: (i) a drive system; (ii) a motion system;
(iii) a data acquisition system; and (iv) a sample block. A stepping motor connected to a gear box
generates a torque to turn the side screws that drive the translation stages in opposite directions.
A load cell reads the time-dependent resisting force during the test and sends the electrical signals
to a data acquisition system, where these signals are translated into engineering values (e.g., time,
displacement, and resisting force). Two digital video cameras are equipped with microscopes to
magnify the top and side views of the specimen for further image analyses. The sample blocks
have been designed so that a consistent asphaltic film could be formed between them. The fracture
testing device can automatically control the film thickness of the specimen.

Figure 3 presents representative test results obtained for a constant displacement rate at the five
different asphalt film thicknesses. As the film thickness increases, the tensile strength generally
appears to decrease. This is due to the well-known fact that a thinner film induces a more brittle
type of failure, and a thicker film is typically subjected to ductile cohesive fracture. However, the
tensile strength tends to converge to a constant value that is not influenced by further increases in
the film thickness.

As mentioned and shown in Figure 2, two digital video cameras capture the top and side images
of the asphalt film as the load cell reads the time-dependent resisting force during the test for
increasing opening displacements. The top and side images are then analyzed to calculate the
reduction in the cross-sectional area with time. The instantaneous cross-sectional area can then
be combined with the measured values of the force to yield tractions. Figure 3 presents the plot
of the tractions versus time for the different thicknesses of the asphalt binder. The cohesive zone
damage evolution function α(t) can be directly determined by relating test results (such as the
results presented in Figure 3) to the cohesive zone model (Equations 4 and 5).

Even if the testing system is still under development for further advancements, the testing results
were replicable and demonstrated a substantially sensitive response to the type of materials, testing
conditions such as the loading rate, and film thickness as presented in other studies by the authors
(Freitas 2007; Kim et al. 2007).
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Table 1. Asphalt binder and mastic tested in this study.

Percent of each component (in volume)

Material Neat binder HL∗ LF∗∗

Binder 100 0 0
Binder + LF + HL 70 10 20

∗Hydrated lime.
∗∗Limestone filler.

Table 2. Model parameters.

Material properties Binder Binder + LF + HL

Linear viscoelastic properties
Einf (in Pa) 280 780
E1 (in Pa) 14,600,640 57,771,216
E2 (in Pa) 2,204,819 11,061,828
E3 (in Pa) 302,285 1,562,769
E4 (in Pa) 25,387 175,448
E5 (in Pa) 1,941 10,531
η1 (in Pa.sec) 123,655 356,095
η2 (in Pa.sec) 157,553 657,571
η3 (in Pa.sec) 192,007 857,526
η4 (in Pa.sec) 181,682 962,722
η5 (in Pa.sec) 96,762 653,985

Fracture properties
δn (in m) 0.0020 0.0038
α1 0.40 0.40
m 0.43 0.56

4 MATERIALS AND MODEL PARAMETERS

Table 1 presents materials tested in this study to ensure that the directly-measured properties of
each mixture constituent incorporated with the theoretical model can characterize the nonlinear
inelastic fracture-damage behavior of overall asphalt concrete mixtures. A neat asphalt binder, PG
64-22 and two different fillers (hydrated lime and limestone filler) were selected to produce one
neat binder and one mastic, as shown in Table 1. The materials were selected with the intention of
investigating material-specific fracture-damage characteristics.

The linear viscoelastic constitutive test to characterize the linear viscoelastic material property
(i.e., relaxation modulus) and the tensile fracture test to identify fracture characteristics were
performed. The tensile fracture test was performed for different film thicknesses of the asphalt
specimen (from 1 mm to 2 mm in steps of 0.25 mm) at a constant opening displacement rate
(0.00027 m/s) and at 24◦C. The results from these two tests (the relaxation modulus and tensile
fracture tests) provide the necessary information for determining the linear viscoelastic material
properties (such as the Prony series parameters) and fracture properties (δn, α1, and m) as presented
in Table 2.

For a better comparison of the fracture-damage evolution characteristics between materials, the
damage evolution coefficient (α1) was set to a constant value of 0.40, and the best corresponding
δn and m values to the α1 value of 0.40 were found by using an optimization technique. The effect
of the δn and m values on the damage evolution behavior can be seen from Equations 4 and 5. The
damage evolution rate (dα/dt) decreases as the damage evolution exponent (m value) increases,
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Figure 4. Model simulations of each mixture: average stress vs. loading time.

because the λ(t) is typically less than 1.0 before the complete failure of the cohesive zone. As δn

value decreases, mechanical response is stiffer and the damage growth tends to be faster.
It should be noted that fracture properties for a shearing mode (i = s, tangential direction only)

can also be obtained by sliding asphalt films. However, the tangential fracture properties for
this study have not been directly identified from testing but have been assumed to be identical
to the normal direction fracture properties, since sliding mode testing protocols have not been
fully developed at this time. Since fracture-damage characteristics are typically mode-dependent
(opening vs. shearing), separate testing with shearing mode is under investigation by the authors.

5 MODEL SIMULATIONS AND DISCUSSION

As shown in Figure 1, vertical displacements at the bottom face and horizontal displacements at
the left side of the sample were constrained, and uniaxial tensile displacements with a constant
rate (0.0028) was applied to the top face for model simulations. The constant 0.0028 is a unit
displacement corresponding to a unit strain, 0.1 which is a level of strain mostly (approximately
95%) deriving viscoelastic strain in the sample at the temperature (24◦C) according to a study by
Chehab et al. (2003).

Computational simulations have been conducted using an in-house finite element program devel-
oped by the authors. Figure 4 presents simulation results demonstrating the effect of mixture
constituent properties on overall damage performance of asphalt concrete mixtures. As shown
in the figure, the asphalt concrete mixture with mastic showed stiffer and better damage-resisting
responses than the mixture with neat binder, which is expected from results with constituent property
measurements (i.e. viscoelastic properties and the fracture properties in Table 2). Simulation results
shown in Figure 4 are generally compatible with laboratory test results available (Si 2001; Kim et al.
2003; Little and Petersen 2005) in that filler-mixed asphalt concrete mixtures are generally capable
of resisting to fracture than the mixtures mixed with neat binder under the displacement-controlled
tensile test. However, model simulations herein need to be further validated and/or calibrated with
more laboratory-field performance results, and this task is under accomplishment by the authors
and will be reported in near future papers.
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It can be noted that only material properties and damage evolution characteristics of mixture
constituents are necessary inputs in order to utilize the micromechanics-based computational model.
Furthermore, any arbitrary testing conditions can be easily implemented to simulation by applying
appropriate boundary conditions. With given properties of each mixture constituent and known
boundary conditions, performance predictions of macroscopic asphalt concrete mixtures can be
conducted. Therefore, this approach can save time and cost associated with expensive and repetitive
laboratory performance tests that are normally required for each new mixture and/or for each
different testing condition.

6 CONCLUDING REMARKS

In this study, a fracture testing system and the experimental procedure were developed and incorpo-
rated with computational constitutive damage models including the cohesive zone to characterize
the nonlinear viscoelastic damage behavior of asphalt concrete mixtures. The damage evolution and
mechanical responses of the asphalt concrete mixture were apparently dependent on the fundamen-
tal material properties, which are directly measured. A better understanding of the fracture-damage
mechanisms by using this technique will provide guidelines to select mixture constituents in a more
appropriate manner and to improve the current design-analysis concepts so that better-performing
and longer-lasting asphalt mixtures can be produced.

Even if promising results have been obtained so far, several experimental limitations need to
be overcome so that all model inputs addressing fracture and damage of the asphalt sample can
be more directly and comprehensively measured from the testing. In addition, a testing method or
equivalent techniques to characterize adhesive fracture properties between aggregate particles and
asphalt phase need to be developed and implemented into the model. It is well known fact that the
adhesive fracture is fundamentally different from the cohesive fracture behavior in its mechanisms
involved and an evolving progress associated (Cheng et al. 2003; Bhasin et al. 2006).
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Use of pseudostress and pseudostrain concepts for
characterization of asphalt fatigue tests

M.E. Kutay, N.H. Gibson & J. Youtcheff
Turner-Fairbank Highway Research Center, FHWA, McLean, Virginia, USA

ABSTRACT: Two viscoelastic continuum damage-based models were utilized to better interpret
and analyze numerous cyclic tension-compression fatigue tests that were conducted on FHWA’s
ALF mixtures under both stress and strain controlled test conditions. The models utilize pseudo-
variables such as pseudostrain and pseudostress and corresponding continuum damage parameters
to model the loss of material integrity during testing of an asphalt specimen. This paper presented
derivations of two simplified equations for calculation of damage parameters based on pseudos-
train and pseudostress concepts. The equations were derived for a special case of cyclic uniaxial
laboratory fatigue tests and use only peak to peak values of stresses and strains. It was observed
that when strain controlled cyclic tests were simulated using the VECD parameters of different
mixtures, the number of cycles to failure based on the simulations correlated very well with the
ALF field fatigue cracking data.

1 INTRODUCTION

Fatigue cracking is one of the principal distresses that affect the design life of asphalt pavements.
Fatigue cracking initiates and propagates in areas of the pavement subjected to repeated loading,
i.e., along the wheel paths. Initially, fatigue cracking occurs as a series of small isolated microc-
racks, then with aid of repeated loading, grow and interconnect yielding the characteristic chicken
wire or alligator skin cracking patterns. In order to understand fatigue performance of different
asphalt/aggregate combinations, typically, cyclic laboratory tests are conducted on the laboratory
produced specimens. Traditionally, number of cycles to failure (Nf ) has been used as a quantity
to describe the fatigue performance of the tested specimen. Depending on the mode of loading
(i.e., stress or strain controlled) the ranking of the specimens can be quite different. Kutay et al.
(2007a) reported that stress controlled push-pull tests revealed a reverse trend when compared to
field fatigue data obtained from FHWA’s Accelerated Load Facility (ALF). On the other hand, even
though strain controlled tests provided the correct trend, the correlation with the field was poor
(Kutay et al. 2007b). Therefore, there is a need for a more advanced method of analysis of labora-
tory fatigue data to be able to accurately predict the field fatigue performance of asphalt mixtures.
Mathematical models such as the viscoelastic continuum damage (VECD) theory offer a great
potential for better understanding of fatigue cracking behavior. For the past two decades, numerous
researchers have successfully utilized theVECD theory for analysis and modeling of asphalt fatigue
behavior (Kim & Little 1990, Kim et al. 1995, Daniel 2001, Chehab 2002, Lundstrom & Isacsson
2003, Christensen & Bonaquist 2005, Gibson 2006).

In this study, cyclic uniaxial push-pull (tension-compression) tests were conducted on the mix-
tures used in FHWA’s ALF Transportation Pooled Fund Study TPF-5(019). An alternative test to
flexural beam fatigue was investigated because the alternative fatigue characterization (i.e., push-
pull test) offered two advantages: (a) Potential to be very compatible with NCHRP 9-29 Simple
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Performance Tester equipment, thereby expanding capabilities beyond small strain |E∗| dynamic
modulus characterization, and (b) capitalizes on a practical application of continuum damage the-
ories (e.g., VECD theory), which are robust by explaining both stress-control and strain-control
phenomena as well as temperature and frequency dependency.

2 DERIVATION OF VISCOELASTIC CONTINUUM DAMAGE PARAMETERS

Viscoelastic continuum damage (VECD) concept has been utilized by numerous researchers to
study the fatigue response of asphalt mixtures (Kim & Little 1990, Kim et al. 1995, Daniel
2001, Chehab 2002, Lundstrom & Isacsson 2003, Gibson 2006). The concept is based on
Shapery’s elastic-viscoelastic correspondence principle and the work potential theory (Shapery
1984). According to the theory, one can simplify the time dependent viscoelastic problem into a
linearly elastic solution by use of the concepts such as pseudostrain (εR) and pseudostress (σR),
which are defined as follows:

where ER is the reference modulus (often taken as unity), E(t) is relaxation modulus, D(t) is creep
compliance, t is time, ε is strain and σ is stress. The physical meaning of the pseudostrain (εR)
corresponds to the linear viscoelastic (LVE) stress for a given strain history. Similarly, pseudostress
(σR) is the LVE strain for a given stress history. These concepts allow definition of the concept of
pseudostiffness (C), which is the loss off stiffness solely due to loss of material integrity caused
by damage and defined as follows:

Initially, when the specimen is undamaged, C is equal to unity. As the microdamage develops
in the form of microcracks, C decreases and approaches to zero. The development of microcracks
are quantified using so-called “damage parameters” which define the damage growth within the
specimen (Shapery 1984). In the simplest case of uniaxial tests, a single damage parameter (S) can
be used to quantify the damage growth.

Based on the selection of pseudovariable (i.e., εR and σR) in the analysis, the formulation and
unit of the damage parameter (S) and energy density function (W ) are different. In this paper, the
damage parameters and energy density functions are denoted as Sε and Wε for pseudostrain (εR)
and Sσ and Wσ for pseudostress (σR), respectively. On the other hand, the pseudostiffness (C) is
same in both pseudovariables εR and σR (Eq. 2). Following set of equations define the uniaxial
stress-strain behavior of a viscoelastic solid with a time dependent damage growth. The equations
use the simplest form of the energy density function and a single damage parameter (Park et al.
1996):

where Wε is pseudostrain energy density function, Wσ is pseudostress energy density function, Sε

is the damage parameter when εR is used in the analysis, and Sσ is the damage parameter when
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σR is used. C(Sε) and C(Sσ) are the pseudostiffnesses that are a function of damage parameters Sε

and Sσ , I is an initial stiffness parameter used to eliminate sample to sample variability (usually
between 0.9 to 1.1), t is time and α is a material constant related to the rate of damage growth.
Theory states that α is dependent on the characteristic of the failure zone. If the material’s fracture
energy (�) and the fracture stress are constant α can be taken as α = 1 + 1/m, whereas if � and
the fracture process zone size are constant, α = 1/m (Park et al. 1996). In both cases m is the max
slope of the relaxation modulus versus time graph drawn in log-log scale. This slope indicates the
materials propensity to release energy during cracking. Lee and Kim (1998) suggested that former
(α = 1 + 1/m) is more suitable for strain controlled tests, whereas the latter (α = 1/m) is more
suitable for the stress controlled tests.

In case of cyclic uniaxial tests with constant frequency, computation of the parameters εR, σR

does not require the solution of computationally expensive hereditary integral given in Equation 1.
They can simply be computed using the peak-to-peak values of stress and strain in each loading
cycle as follows (Kim et al. 2002, Kutay et al. 2007a, 2007b)

where εR
N is the peak pseudostrain in N th cycle, |E∗|LVE is the linear viscoelastic (undamaged)

dynamic modulus, εN
0 is the peak strain in N th cycle, σR

N is the peak pseudostress, and σN
0 is the

peak stress in N th cycle. It can be seen from Equation 6 that εR
N is simply the linear viscoelastic

stress and σR
N is the linear viscoelastic strain. Plugging Equation 6 into Equation 2 reveals the

following for the pseudostiffness in N th cycle (CN ):

where |E∗|N is the dynamic modulus in N th cycle (i.e., |E∗|N = σN
0 /εN

0 ). Plugging Equation 4 into
Equation 5 and utilizing the chain rule dC

dS = dC
dt

dt
dS in equations that uses εR, and d

dS

(
1
C

) = d
dt

(
1
C

)
dt
dS

in equations that uses σR, following relations could be obtained for the damage parameter (Kutay
et al. 2007a, 2007b):

Equation 8 can further be simplified for a cyclic uniaxial test with a constant frequency (f ) where
the following equation holds:

where N is the cycle number and t is time. Equation 8 can further be simplified using the chain
rules dC

dt = dC
dN

dN
dt , dS

dt = dS
dN

dN
dt and given that dN

dt = f :
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Evolution of the damage parameter at the peak of each cycle can be calculated numerically by
rewriting the Equation 10 in a discrete form as follows:

where superscripts of the damage parameters in Equations 11 & 12 corresponds to the values at
different cycles (i.e., N th & (N + �N )th cycles).

3 MATERIALS AND METHODS

As a part of the laboratory fatigue characterization, cyclic uniaxial push-pull (tension-compression)
tests were conducted on the mixtures used in FHWA’sALF sections. The tests were run in both stress
and strain controlled testing modes. Specimens were prepared in a Superpave gyratory compactor
to a height of approximately 180 mm and then cut and cored to a cylindrical sample 71.4 mm in
diameter and 150 mm tall. The mix designs of the laboratory specimens were the same as the field
ALF sections. Three replicates from each ALF mixture were tested. The mixtures are identified as
Control 70-22, an unmodified asphalt; CR-TB, a terminally blended crumb rubber asphalt; SBS-
LG a linear grafted SBS modified asphalt; Fiber, the same as the control mixture but containing
0.2% polyester reinforcing fiber by mass of the aggregate; AB, an unmodified asphalt stiffened
using the air blowing technique; and a Terpolymer modified asphalt mixture. The air void level
was 7.0%, which was approximately same as the field air voids. All mixtures had the same coarse
Superpave gradation and 5.3% binder content. All binders have approximately the same high and
low temperature grade, which was 70-22.

For both stress and strain controlled tests, the testing frequency and temperature were 10 Hz and
19◦C, respectively. For the stress controlled tests, the magnitude of the applied peak stress (in both
tension and compression states) was 610 kPa or peak-to-peak 1220 kPa. During strain controlled
tests, the strain level at the actuator strain gauge was controlled not on-specimen mounted LVDT
strain. However, actuator strains were custom tailored for each mixture such that, the initial LVDT
strain on the specimen was 300 microstrains. It should be noted that there are several problems
associated with on-specimen mounted LVDT strain controlled tests. For example, if a problem
occurs on the LVDT for which closed loop feedback test is controlled, the actuator may easily
become unstable and apply a very high load for a fraction of a second damaging the specimen and
other LVDTs.

After each test, dynamic modulus (|E∗|), and phase angle (φ) values were computed for each
strain transducer using the procedure given by Bonaquist et al. (2003) for the National Cooperative
Highway Research Project 9-29 for the development of the Simple Performance Tester for asphalt
concrete. In short, the procedure fits a line through several cycles of strain to approximate creep
or drift which is subsequently subtracted. A combination of sinusoid and cosine is fit to both the
applied stress and measured strain at each cycle. The amplitudes and phase angles are computed
from the sinusoid fit.

4 DAMAGE CHARACTERISTIC CURVES OF ASPHALT MIXTURES

After each cyclic uniaxial tests, pseudostrain, pseudostress and pseudostiffness variables of each
mixture were computed using Equations 6 and 7. Then, damage parameters were computed using
Equations 11 and 12. According to the VECD theory, a single damage characteristic curve, i.e.,
pseudostiffness (C) versus damage parameter (Sε or Sσ) relationship, exists independent of loading
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Figure 1. Pseudostiffness versus damage parameter relationships for specimen CR-TB. (a) Damage parameter
(Sε) is based on pseudostrain concept (Eq. 11) and (b) damage parameter (Sσ ) is based on pseudostress concept
(Eq. 12). In legends of the figures, “εctrl-1, 10 Hz, 19C”: strain controlled test, replicate-1, frequency = 10 Hz
and temperature = 19◦C.

frequency, temperature and mode of loading. Therefore, C versus Sε or Sσ curves computed after
tests conducted at different temperatures, and run at different loading modes should collapse on a
single curve. The material parameter α in Equations 11 & 12 can have a significant effect on the
calculated damage parameter. Therefore selected α should give same exact curve in both loading
modes (stress and strain). It was observed that using α = 1/m (m = the slope of the relaxation
modulus versus time graph drawn in log-log scale) in all tests worked out the best to bring all the
curves together (Kutay et al. 2007b) in both stress and strain controlled tests. It should be recalled
that Lee and Kim (1998) suggested that α = 1/m was more suitable for stress controlled tests. In
this study, α = 1/m was suitable for both stress and strain controlled tests. It should be noted that
the strain controlled tests run in thus study may not be considered as “truly” strain controlled. As it
was discussed previously, the tests were run using the actuator LVDT containing end effect from the
glued, restrained ends, not the on-specimen LVDTs. As a result, the strain amplitude measured at
the on-specimen LVDTs did not remain constant (in fact increased during the test) while the stress
decreased. This might have led to a mode where during the tests, the material’s fracture energy (�)
and fracture process zone size remained constant (similar to a stress controlled test). It should be
noted that the mean drift of the cyclic measured strain was subtracted to remove the viscoplastic
strain.

Figures 1a and 1b show the pseudostiffness versus damage parameter relationships for specimen
CR-TB where in Figure 1a, x-axis is the damage parameter (Sε) computed using Equation 11 and in
Figure 1b, x-axis is the damage parameter (Sσ) computed using Equation 12. It can be observed from
Figure 1 that the damage characteristic curves collapse on a single curve regardless of the loading
mode, frequency and temperature. This was observed to be true for both damage parameters, Sε

(pseudostrain-based) and Sσ (pseudostress-based). It can be concluded that viscoelastic continuum
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Figure 2. Pseudostiffness versus damage parameter relationships for all specimens. (a) Damage parameter
(Sε) is based on pseudostrain concept (Eq. 11) and (b) damage parameter (Sσ ) is based on pseudostress concept
(Eq. 12).

Table 1. Linear viscoelastic properties (|E∗| and α) and exponential best fit coefficients of damage
characteristic curves of asphalt mixtures.

Pseudostrain-based (Sε) Pseudostress-based (Sσ )|E∗| (MPa) at
Specimen 19◦C, f = 10 Hz α (1/m) a b a b

Control 70-22 7847 2.22 −0.000153 0.774 −2318.1 0.736
Air Blown 6561 1.90 −0.000333 0.735 −572.8 0.669
CR-TB 4536 2.86 −0.000337 0.718 −1526.4 0.632
Fiber 7864 2.20 −0.000198 0.740 −1275.1 0.692
SBS-LG 4467 2.70 −0.000358 0.698 −808.9 0.610
Terpolymer 3726 3.00 −0.001250 0.590 −836.7 0.591

damage theory can be implemented by using either of pseudovariables, i.e., pseudostrain (εR) and
pseudostress (σR).

Once the damage characteristic curves are obtained, an exponential best fit line in the following
form was fitted to the curves:

where a and b are the constants defining the best fit.
Figures 2a and 2b show the damage characteristic curves of all specimens computed using pseu-

dostrain and pseudostress concepts, respectively. Table 1 shows the exponential best fit coefficients
of the mixtures computed for both pseudostrain-based (Sε) and pseudostress-based (Sσ) damage
parameters. It may be attractive to rank different asphalt mixtures based on the curves shown in
Figure 2 or the coefficients computed in Table 1. However, it should be noted that those parameters
along with the equations shown in section 2 are used to facilitate predicting the response of the
material to a given loading history. Using only the parameters themselves may not provide an
accurate ranking of the mixtures. It is important to compute each material’s response under same
loading conditions.

5 VECD SIMULATION OF A STRAIN CONTROLLED CYCLIC FATIGUE TEST

In order to compute the reduction in dynamic modulus with different cycles, a ‘true’strain controlled
cyclic test can be simulated using the parameters shown in Table 1. The ranking of the mixtures
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can be accomplished based on the number of cycles to failure. The failure criteria used herein is
50% reduction in |E∗|.

The input to the simulation are the parameters in Table 1, cycle (N ) and peak strain (εN
0 ) corre-

sponding to each cycle N . From these inputs, the parameters C and S and then the peak stress (σN
0 )

and dynamic modulus (|E∗|) in each cycle can be calculated.
Simulation was started with a small value of S and corresponding C was computed. Then damage

parameters for the next cycle were computed using Equations 14 and 15. Plugging Equation 4 into
Equation 5 and utilizing the chain rule dS

dt = dS
dN

dN
dt and given that dN

dt = f reveals the following
relations for the damage parameters:

where I = 1 (since the specimen-to-specimen variability is unknown), εR
N = εN

0 |E∗|LVE, σR
N = εN

0 CN ,
�N = Ni+1 − Ni, f is frequency, dC

dS and dC−1

dS are computed by taking the partial derivative of
Equation 13:

Once SN+�N is computed, the pseudostiffness (CN+�N), dynamic modulus (|E∗|N+�N) and the peak
stress (σN+�N

0 ) for the next cycle can be computed as follows:

In order to validate above formulation, a special cyclic stress controlled test was run on specimen
CR-TB at a temperature and frequency of 21◦C and 5 Hz. It should be noted that material proper-
ties a and b (in Table 1) were computed from tests run at 19◦C and 10 Hz. During simulation, the
measured strains and the cycle number were input to the model and stresses and dynamic modulus
values for each cycle were calculated. Figure 3a shows the predicted versus measured dynamic
moduli change over the cycles where a very good agreement is visible. However, εR-based predic-
tions were slightly higher, whereas, σR-based predictions were slightly lower than the measured
values. In Figure 3a, I = 1 was used, i.e., the specimen to specimen variability is ignored. In order
to investigate if the slight difference is due to the specimen variability, I = |E∗|N = 1(measured)/|E∗|LVE

was used and simulation was rerun. The results are shown in Figure 3b, where there is an excellent
match, indicating that the slight difference between the measured and predicted values in Figure 3a
is solely due to the specimen variability.

6 COMPARISON WITH FIELD FATIGUE DATA

Conventional fatigue analysis of mixtures used in this study was presented in Kutay et al. (2007b).
It was observed that number of cycles to failure (Nf ) based on neither stress nor strain controlled
tests correlate well with the ALF field fatigue data. The Nf based on stress controlled laboratory
tests provided a reverse trend, i.e., good performing mixtures in the field revealed low Nf in the lab.
It was also reported that there was a high correlation between the initial dynamic modulus and the
number of cycles to failure at the stress-controlled push-pull tests in the laboratory. This indicated
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Figure 3. Measured |E∗| versus VECD simulation predictions for specimen CR-TB tested at 5 Hz and 21◦C.

that the Nf (under stress controlled test) was actually providing information on the stiffness of the
material, not necessarily the fatigue performance of the mixtures in the field (Kutay et al. 2007a).
On the other hand, the strain controlled tests were able to capture the general trend of the field;
however, the correlation was poor. This was attributed to the fact that the tests were not ‘truly’
strain controlled, where the strain in the actuator was controlled, not the strain at the on-specimen
mounted LVDTs.

Simulation of a ‘truly’ strain controlled test is possible once the VECD parameters (in Table 1)
are obtained. In order to compare the performance of the different ALF mixtures, a (true) strain-
controlled push-pull test at T = 19◦C and f = 10 Hz for an applied peak strain of εo = 200 × 10−6

was simulated. Figure 4 shows the decrease in dynamic modulus (|E∗|) over the cycles for different
specimens. Figure 4 indicates that stiff mixtures such as AB and Control 70-22 have a sharper
decrease in |E∗| with increasing cycles than soft polymer modified mixtures such as CR-TB, SBS-
LG and Terpolymer. This agrees very well with the observations seen at ALF sections and complete
opposite of the measured trends observed during the stress controlled tests.

Figure 5 shows a comparison of Nf based on VECD simulation and number of ALF wheel
passes to 20% crack length in the field. It can be seed from Figure 5 that the correlation between
the VECD-simulated Nf and field data are very high when Fiber and Terpolymer mixtures are
excluded. It should be noted that field data for these to particular lanes needs to be interpreted
cautiously. First of all, field data in Figure 5 is based on 100 mm thick pavement lanes at ALF where
there have been reported problems with the Terpolymer lane. Terpolymer mixture was expected
to perform the best based on historical experience and numerous laboratory binder and mixture
tests. In fact, Terpolymer mixture performed the best among the 150 mm pavement lanes. During
the construction of the ALF lanes, several problems have been reported for the Terpolymer lane
with inadequate hydrated lime distribution being the primary culprit. Therefore, slightly worse
performance of the Terpolymer (in 100 mm lane) was attributed to construction related reasons.
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Figure 5. Comparison of Nf based on VECD simulation and number of ALF wheel passes to 20% crack
length in the field.

If it had performed the way it was expected, the data point in Figure 5 would shift to right and be
close to the trendline.

On the other hand, the apparent good performance of Fiber mixture in the field may be due to its
cracking pattern obscuring existing greater damage. It was observed that even though many small
(micro) cracks developed on the surface of the Fiber lane, they did not coalesce and lead to a large
alligator type cracks which was seen in other lanes. It should be noted that the Fiber mixture is the
same as Control 70-22 mixture except that it has 0.2% polyester fiber by mass of the aggregate.
Therefore, it was thought that even though the damage occurred earlier in Fiber lane in the form of
small cracks, they did not propagate to form large cracks due to the reinforcing effect of the fibers
in the mixture. Therefore, crack mapping at the surface of Fiber lane may not be representative of
damage occurred within the pavement.

7 CONCLUSIONS

Analysis of laboratory fatigue data using the viscoelastic continuum damage (VECD) theory has the
ability to accommodate stress control and strain control laboratory behavior in a single framework
and may be very useful to understand field behavior. In this paper, two VECD-based models were
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utilized to better interpret and analyze the asphalt laboratory fatigue data. The models utilize pseudo-
variables such as pseudostrain and pseudostress and corresponding continuum damage parameters
to model the loss of material integrity during testing of an asphalt specimen. These variables
may not be representative of directly measured or measurable physical phenomena; however, by
means of their mathematical development and derivation, they are related to important processes
which are believed to govern material behavior. The damage parameters for each VECD model are
intended to quantify the amount of micro crack damage induced in the material which is associated
to a specific pseudostiffness, C. This paper presented derivations of two simplified equations for
calculation of damage parameters based on pseudostrain and pseudostress concepts. The equations
were derived for a special case of cyclic uniaxial laboratory fatigue tests and use only peak to
peak values of stresses and strains. The equations were validated using a laboratory test run at a
completely different temperature and frequency than those of the tests where material parameters
were calibrated. A true strain controlled cyclic tests were simulated using the VECD parameters
of different mixtures. The number of cycles to failure based on VECD simulations correlated very
well with the ALF field fatigue cracking data. Therefore, instead of directly using the number of
cycles to failure at the laboratory tests, it is recommended that laboratory fatigue data should be
used to calculate damage characteristic curves. Then different specimens should be compared by
performing a simple VECD simulation of a strain controlled fatigue test.
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ABSTRACT: The Viscoelastic Continuum Damage (VECD) model has been implemented into
a finite element package (FEP++), developed at North Carolina State University, to predict the
fatigue performance of asphalt concrete (AC) pavements. It is believed that this study is the first
application of an integrated structural/material mechanistic model for fatigue performance predic-
tion where damage in asphalt layers is considered for the full time history and the stiffness change
due to damage evolution is captured in the subsequent calculation of damage. The VECD model
is utilized to account for the material component, whereas other important characteristics, such as
temperature, layer thicknesses, stiffness gradients, etc., are taken into account with FEP++. The
model is found to effectively capture the influence of changes in pavement characteristics. The
need for development of transfer functions for true field performance prediction is also shown and
a simple example function is developed as a proof of concept.

1 INTRODUCTION

Recent national efforts towards developing a mechanistic-empirical design methodology have
resulted in an increased interest in the full mechanistic modeling of asphalt concrete (AC) pave-
ments. Such interest stems from shortcomings of existing empirical performance prediction
methods which become ineffectual because actual conditions in the field differ from those consid-
ered in the laboratory. This paper presents results from the mechanistic modeling of AC pavements
in terms of fatigue performance. It is important for such efforts to give consideration of both mate-
rial and structural components and their interaction in an AC pavement. To meet these criteria,
the viscoelastic continuum damage (VECD) model has been implemented into a finite element
software program (FEP++), developed at North Carolina State University, to predict the fatigue
performance of various AC mixtures in the field. This model is referred to as the VECD-FEP++.

For this effort, data from the Federal Highway Administration Accelerated Load Facility (FHWA
ALF) and the Korea Expressway Corporation (KEC) test road have been utilized. The goal of the
current field study using the ALF is to assess the effects of various asphalt binder modification
techniques on mixture performance. To meet this goal a series of pavements, each with similar
performance-graded AC mixtures, has been tested until fatigue failure. Load level, temperature,
and pavement construction consistency are carefully controlled in these experiments. The KEC
test road was constructed in December 2002 to serve as the basis for Korea’s new pavement design
guide, giving consideration to actual traffic loads and environmental changes. This test road is a
7.7 km two-lane highway consisting of 25 Portland Cement Concrete pavement sections and 15
AC pavement sections as well as 3 bridges and 2 geotechnical structures. The variables considered
in this study for AC pavements are surface layer type, base layer type, base layer thickness, and
sublayer properties.
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2 VECD MODEL BACKGROUND

The VECD model is built on three concepts: (1) the elastic-viscoelastic correspondence principle
based on pseudo strain for modeling the viscoelastic behavior of the material; (2) the continuum
damage mechanics-based work potential theory for modeling the effects of microcracks on global
constitutive behavior; and (3) the time-temperature superposition principle with growing damage
to include the joint effects of time/rate and temperature. A full discussion of these concepts is
beyond the scope of this paper; however, detailed reviews are available elsewhere (Underwood
et al. 2006, Kim & Chehab 2004, Chehab et al. 2002, Daniel et al. 2002, Schapery 1990 &
1984). In short, model characterization requires determination of a material’s linear viscoelastic
and damage characteristics. For the former, the common temperature-frequency sweep (dynamic
modulus via AASHTO TP-62) test is used and for the latter a constant rate tension test is utilized.
From these two tests it is possible to compute the damage characteristic, or C vs. S, curve (defining
the pseudo secant modulus and the damage respectively) (Underwood et al. 2006), which has been
suggested to represent a fundamental material relationship independent of loading mode, loading
frequency and temperature (Daniel et al. 2002). This characteristic relationship is shown, along
with the dynamic modulus mastercurves for the mixtures in this study in Figure 1.

3 FINITE ELEMENT MODELING

The FEP ++ software used for modeling the asphalt pavement structure utilizes 2-D axisymmetric
analysis. Layer thickness, material properties, load conditions and temperature are input by the
user. In this study, layer thicknesses are taken from either the as-constructed values (ALF) or, if
these are unavailable, from the as-designed values (KEC). In either case, subgrade materials are
considered to be semi-infinite. Asphalt layers are modeled using the VECD model (viscoelastic
with damage), while unbound materials are assumed linear elastic. In all simulations the pavement
temperature is assumed equal to 19◦C for all layers, this temperature was used for all tests in
the ALF experiment and is representative of the mean average temperature in the KEC test road
experiment. A moving load is simulated by applying a 0.1 second (i.e., 10 Hz) haversine loading
pulse followed by a 0.9 second rest period to the pavement surface. In all simulations the load level
and contact pressure were 73.8 kN (16.6 kip) and 827 kPa (120 psi) respectfully. These conditions
were identical to those used in the FHWA ALF experiment.

For ALF pavements the number of simulated cycles ran for each mixture was the same as
that applied during the experiment. In the case of the KEC pavements, since no information was
available as to the number of load applications, simulations ran for up to one millions cycles. To
perform such a long-term simulation in a reasonable amount of time, an extrapolation technique
has been developed wherein certain cycles are skipped and the results extrapolated from previous
cycles. This approach takes advantage of the fact that damage grows in a generally linear slope
with respect to material integrity, C, at higher damage levels. The number of elements used in
each simulation changed due to differences in the material structure; however, both the number
of elements and number of cycle jumps were set based on thorough sensitivity analyses. Finally,
normal finite elements are used for distances up to 1 m from the center of the tire and to the bottom
of the aggregate base layer. Special elements are used for longer distances to reproduce the effect of
the infinite boundaries and to reduce computational time. Through sensitivity analysis, it is found
that the effect of these special elements on the results is negligible.

4 MATERIAL CHARACTERISTICS

The mixtures presented in this paper from the ALF study have been discussed in detail elsewhere
(Al-Khateeb et al. 2007, Underwood et al. 2006, Qi et al. 2004), in short each mixture consists of the
same Superpave 12.5 mm coarse aggregate gradation, but differing asphalt cements. Three modified
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Figure 1. VECD characterization: for ALF mixtures (a) |E∗| in semi-log space, (b) |E∗| in log-log space, and
(c) damage characteristic curves; for KEC mixtures (d) |E∗| in semi-log space, (e) |E∗| in log-log space, and
(f) damage characteristic curves.

asphalts; SBS, Crumb Rubber-Terminal blended (CR-TB) and Ethylene Terpolymer (Terpolymer)
along with a single unmodified PG 70-22 (unmodified) asphalt cement are included. The key
properties of the five KEC test road mixtures are summarized in Table 1. These mixtures vary by
mixture type (i.e., surface, intermediate or base course), nominal maximum aggregate size, asphalt
cement type, asphalt content, and asphalt to filler ratio. Four of the five mixtures use the same
unmodified PG 64-22 binder (ASTM, BB1, BB3 and BB5) while one mixture uses a SBS modified
binder (PMA). The PMA mixture is also a surface course and is very similar to the ASTM mixture.

5 PERFORMANCE PREDICTION OF ALF PAVEMENTS

5.1 ALF pavement simulation

Due to natural variations in the construction process, certain pavement characteristics are not
identical across ALF pavement sections. Table 2 summarizes the as constructed sub-layer moduli
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Table 1. Volumetric properties of laboratory mixtures for KEC pavements.

NMSA∗ Asphalt content
Mixture Layer type mm Modifier Asphalt grade % Asphalt-filler ratio

ASTM Surface 19 N/A PG 64-22 4.9 1.17
PMA Surface 19 SBS PG 76-22 5.0 1.20
BB1 Base 25 N/A PG 64-22 4.2 1.00
BB3 Base 19 N/A PG 64-22 4.4 1.10
BB5 Intermediate 19 N/A PG 64-22 4.3 0.98

∗Nominal maximum aggregate size.

Table 2. Base and subgrade moduli and AC layer thicknesses for ALF pavement simulation.

Base modulus Subgrade modulus AC layer thickness
ALF Lane Mixture MPa (ksi) MPa (ksi) mm (in)

2 Control 160(23.2) 46(6.7) 107(4.21)
4 SBS 132(19.1) 42(6.1) 103(4.06)
5 CR-TB 105(15.2) 37(5.4) 93(3.66)
6 Terpolymer 108(15.7) 36(5.2) 105(4.13)

0.25
0.30
0.35
0.40
0.45
0.50
0.55
0.60
0.65
0.70
0.75
0.80* All dimensions shown are in meters

0 0.1 0.2 0.3 0.4 0.5

0

0.1

Figure 2. Typical damage pseudostiffness contour ofALF pavement simulation (CR-TB lane at N = 100,000).

and surface layer thicknesses for each of the test sections. Note that the base and subgrade moduli
values are determined via backcalculation from FWD measurements performed at different load
levels and locations along the test site. The values shown in Table 2 are used as inputs for developing
the finite element structure used in the simulations.

A typical result from the ALF pavement analysis is shown for the CR-TB section at cycle number
100,000 in Figure 2. The contours in Figure 2 represent C values (lower values indicate areas with
more severe damage) and the arrows indicate the area where load is being applied. Note that Figure 2
only shows one half of the applied load since FEP++ uses axisymmetric analysis. It is observed for
this pavement that damage is concentrated at the bottom of the AC layer. This observation fits the
generally accepted failure mechanism for thin asphalt pavements, i.e., bottom-up fatigue cracking.

5.2 ALF field and simulation comparison

To better quantify results such as those shown in Figure 2 an index value, the damage area (%),
has been defined. Damage area (%) is calculated by determining the percentage of total nodes,
from the load center to 0.5 m in the horizontal direction and from the pavement surface to the
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Figure 3. Numerical analysis results of ALF simulation as represented by damage area (%).
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Figure 4. Comparison of ALF field results with: (a) damage area (%) and (b) shifted damage area (%) from
simulations.

bottom of the AC layer in the vertical direction, that have C values below 0.25. This value of C
generally corresponds to the point at which strains localize and the material fails in the constant
rate characterization tests. In light of this definition it should be observed that a lower damage area
(%) suggests better fatigue performance. Analysis of the ALF simulations with the damage area
(%) index are shown in Figure 3 where it is clearly observed that the control pavement is predicted
to have the worst fatigue damage performance and that the modified mixtures are expected to show
similar performance. In the ALF experiment the control mixture was observed to display the worst
performance followed next by the CR-TB, then the Terpolymer and finally the SBS. However, at
the time of this writing no statistical analysis on the field data has been completed to assess the
significance of the differences.

Throughout the course of ALF testing, the percentage of cracked lane area was measured as
a function of load applications. These results have been plotted against the values obtained from
simulations at the same cycle number in Figure 4. The first observation from this figure is that the
magnitudes of the damage area (%) index do not directly match with the observed cracking area in
the field. This observation suggests the need for developing a simulation to field transfer function.
Having such a function is not unexpected given that an index value has been defined from the
simulation results, the fact that model characterization was performed on laboratory compacted
specimens and a list of other possible minor factors which exist.

From Figure 4 it is also found that a non-unique relationship between the damage area (%) and
observed field cracking exists. A possible reason for this non-consistent discrepancy may lie in the
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definition of damage area (%). Recall that the field measured values include cracking as visually
observed on the pavement surface; whereas, the index value, as a matter of practicality, is defined to
represent the damage across the whole pavement cross-section. An examination of the contour plot
in Figure 2 shows that damage occurs largely at the bottom of the pavement structure and thus the
damage area (%) index is more indicative of what is occurring at the bottom of the pavement layer.
As such, the damage area (%) will likely provide a delayed prediction of what is to be expected
on the surface. The degree of delay is hypothesized to be a function of the fracture, or macrocrack
propagation properties of the mixture. To explore this possibility, the delay between actual observed
fatigue cracking and the damage area (%) has been removed by replacing the damage area (%) on
the x-axis in Figure 4(a) with the difference between the damage area (%) when field cracks were
first observed and the calculated damage area (%) in Figure 4(b). After removing this offset factor
it is observed that a more consistent transfer function may be developed, for this particular case
it appears that a linear function with a slope of 10 is reasonable. Note however, that in the ALF
pavements little field data is available for very low cracking levels.

6 PERFORMANCE PREDICTION OF KEC TEST ROAD PAVEMENTS

6.1 KEC field fatigue performance

TheAC pavement structures of the KEC test road are shown schematically in Figure 5. The structural
concept; i.e., surface, intermediate, base, subbase, antifrost, and subgrade layers, and thickness
ranges represent typically used Korea pavement structures. Note that in Figure 5, the section name
is given at the top of the figure (i.e., A1, A2, etc.). Also note that sections with the PMA mixture as
the surface layer are denoted as A2-2, A5-2, etc. The different materials are shown with different
shades of colors or patterns, and the numbers in each block denote the respective layer thickness
in centimeters.

In total, four field performance surveys have been performed since the test road was constructed:
1) August 2005; 2) November 2005; 3) July 2006; and 4) October 2006. The main survey items for
fatigue performance include the length of longitudinal and transverse cracking, patching area, and
alligator cracking area. Using these measurements, the KEC has adopted Equation (1) to define a
representative index of fatigue performance.

Since each of the test sections differ in the total length, the calculated index values from Equation
(1) are normalized by total section area and presented as crack area (%), Equation (2). Figure 6(a)
shows the field fatigue performance of the unmodified asphalt pavement sections in the KEC test
road. Note that while only the combined index is shown, the sections with high index values are
dominated by alligator cracks while sections with lower values are dominated by line cracks.

Although the surveys were conducted at different times, the test road was completely closed to
traffic between the first survey and the final survey. In light of this fact, any differences between the
survey findings can be attributed to the survey variability and/or deterioration due to environmental
factors. It is felt that the latter option is less likely and thus differences are attributed to survey
variability. To demonstrate the variability results from all four surveys are shown below; however,
note that when comparisons are made with simulation results only the average results from all four
surveys are included.

From 6(a) it is observed that the field performance does not show a great deal of deterioration for
most sections, but it is clear that the aggregate base sections are (A13–A15) performing the worst
of all sections. Among these, the performance of the section with the thinnest base course (A13)
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Figure 5. Asphalt concrete pavement structure of KEC test road.
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Figure 6. Field fatigue performance of KEC test road sections: (a) crack area (unmodified only), (b) ASTM
and PMA comparison (2006-2 only).

is the worst, while sections A14 and A15 do not follow the expected trend, i.e., the section with
the thinner base layer (A14) is performing better. This effect is likely due to the natural variability
which occurs in the field.

Figure 6(b) shows comparisons between only the sections with PMA and ASTM surface layer.
As expected the PMA surface layers are outperforming the pavements with unmodified surface
layers. It can also be observed that the same overall trend of poorer performance from the aggregate
base pavements is observed.

6.2 KEC test road simulation

Simulations of the 24 different pavement structures shown in Figure 5 were performed using the
same loading and temperature conditions used for the FHWA ALF simulations. Note that although
the KEC test road is exposed to real traffic and environmental conditions, ALF loading conditions
are used for the simulation. ALF conditions are used not only because this study focuses on the effect
of the structural variables on fatigue performance rather than making an absolute comparison, but it
also focuses on how well the simulation captures those effects in terms of the relative performance of
the different sections. The VECD model parameters were obtained from experiment and are shown
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Figure 7. Influence of structural parameters on predicted performance: (a) base type, (b) subbase thickness,
and (c) underlying layer type, (d) surface layer type.

in comparison to FHWA ALF materials in Figure 1. Elastic modulus values for unbound layers
were assumed based on estimation from the pavement design inputs, as follows: Eagg. = 517 MPa
(75 ksi); Esubbase = 350 MPa (51 ksi); Eantifrost = 88 MPa (13 ksi); and Esubgrade = 75 MPa (11 ksi).

Results from simulations of the 24 pavement sections are summarized, with the damage area
(%) index, in Figure 7. Figure 7(a) shows comparisons for the effect of base layer thickness (8, 18,
and 28 cm) and type (BB3, BB1 and aggregate). Overall, the expected trends are observed with
regards to thickness and material quality. More interesting; however, the interaction between the
two factors is also found. For example, in the case of the aggregate base pavements, comparisons
between the 8 and 28 cm thicknesses (a 3.5 times increase), show a change in damage area (%) of
approximately 10, whereas the same thickness difference in the BB1 case shows an index change
of approximately 40.

Comparisons regarding the effect of subbase thickness (30 cm versus 40 cm) as a function of
base thickness are shown in Figure 7(b). Comparing this figure with Figure 7(a) it is found that the
damage performance is less sensitive to the thickness of the subbase layer than it is to either the
base layer type or base layer thickness. Although this result is not surprising, the quantification of
expected changes in fatigue performance for such a particular design detail could allow for better
optimization of pavement design. With regards to the underlying material influence, Figure 7(c)
suggests similar performance can be expected from pavements supported with either the antifrost
or subgrade materials. Of course this comparison does not consider any possible benefits of the
antifrost layer with regards to frost-heave mitigation.

Finally, the expected effect of surface layer type (ASTM versus PMA) is shown through the
comparisons in Figure 7(d). Based on the analysis shown in Figure 7(d), the aggregate base pave-
ments (A13-A15) with the PMA layer are expected to yield a better fatigue performance than those
with ASTM. The field observations to date (Fig. 6(b)) support these simulation results. However,
in the full-depth pavements (A5-A12), the damage area (%) index suggests that the pavements
with a thicker base layer (A5, A8, A11 and A12) would show a slightly better performance with
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Figure 8. Comparison of observed and simulated fatigue performance for KEC test road pavements.

the ASTM surface layer. Recall, though, that the damage area (%) includes the entire pavement
cross-section, i.e., the surface, intermediate and base layers. From a careful examination of the
damage contours of these pavement simulations it is found that the extent of damage occurring in
the surface layer is reduced in the PMA cases. In short, the particular nature of the PMA causes
higher overall damage in the pavement structure but less in the surface layer itself. This is an
important distinction to make because, as discussed with the ALF simulations, the damage index
(%) value is expected to yield some material dependent delay between the time when it shows a C
value below 0.25 and visually observed. It is likely that the delay in the PMA mixture would be
greater than the ASTM mixture (compare SBS with Control in Figure 4). With this expectation,
and the observed reduction in overall surface layer damage, the PMA is expected to yield a better
fatigue performance in all cases.

6.3 KEC field and simulation comparison

Direct comparison of KEC simulations and field observations is not as straightforward as similar
comparisons from the ALF experiment. The KEC pavements are subjected to variable loading and
environmental conditions which are not currently accounted for in the model. Further, as a test
road the in place material properties, construction variability and general number of unknowns
increases. However, as a proof of the concept for developing a transfer function the results from the
average of the four KEC pavement surveys are plotted against the damage area (%) index at one
million cycles in Figure 8. Note that a function developed from Figure 8 would include the effect
of construction variability, which would change from section to section, and inconsistent loading
and environmental factors, which should be the same from section to section. In Figure 8 each data
point represents a specific section and it is noted that all 24 sections are included, although the
PMA sections are represented with an open symbol. Nevertheless, the data in Figure 8 suggest that
a consistent link between simulation and measured in-service field performance can be found. It is
finally noted that these field performance observations are part of an ongoing task, and that most
of the sections are showing only minor visual cracking at the time of this writing.

7 SUMMARY AND CONCLUSIONS

A mechanistic model of asphalt concrete pavement has been characterized and applied to predict
the fatigue performance of AC mixtures tested at the FHWA ALF and the KEC test road project
sites. In this mechanistic model, material behavior is considered with the VECD model, whereas
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structural influences (e.g., layer thicknesses) are accounted for with the finite element package
(FEP++), developed at North Carolina State University. Comparisons between the measured
and predicted performance of ALF pavements show that the VECD-FEP++ captures the mixture
characteristics with reasonable accuracy. In particular, the model shows the clear differentiation
between the unmodified and modified mixtures that was observed in the ALF experiment. The
study also reveals that consideration should be given for development of a simulation to field
performance transfer function.

The KEC test road project sites were designed to systematically examine the effects of base type,
base thickness, sublayer thickness, sublayer type and surface layer type on pavement performance
under actual traffic loads and changing environmental conditions. Although the field performance
observations for these project sites is an ongoing task, preliminary results clearly show inferior
performance from the aggregate base pavements. Predictions made with the VECD-FEP++ for
the test road sections demonstrate such a performance trend and also reveal a generally positive
relationship between model predictions and field observations for all sections. With such positive
relationships, efforts are made to develop a preliminary transfer function for pavement performance
predictions. For KEC pavements this transfer function merges factors related to the variable envi-
ronmental and loading conditions as well as the inherent field variability. This transfer function
may be refined with further study and as more field performance information becomes available.
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Finite element analysis of top-down cracking in semi-rigid
pavement structure
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Southeast University, Nanjing, China

Q.-F. Li & Z.-T. Yang
Zhengzhou University, Zhengzhou, China

ABSTRACT: More and more researches indicate many load-related fatigue cracks initiate at the
surface and propagate downward through the surface layer. TDC often occurs in the edge of wheel
path. The tradition method can’t explain the mechanism of this cracking. Because the traditional
load is the vertical surface load with average tire pressure and is applied at only one position.
No effort is made to distinguish between tire type nor to capture the possible effects of changing
load position due to wander in wheel paths. In order to discuss the mechanism of TDC, this paper
establish a 3D finite element model of semi-rigid pavement structure and use the large finite element
software ABAQUS, The analysis result shows that maximum shear stress is appear in the surface
of pavement, and located the edge of wheel path. Maximum shear stress is beyond shear strength
of asphalt binder. So the researchers think it is the major reason leading to TDC. It’s provide the
theory basis on further finding the mechanism of TDC.

Keywords: TDC; Finite element; maximum shear stress.

1 INTRODUCTION

Traditional pavement fatigue cracks are assumed to initiate at the basement and propagate uphill.
The research of mechanism of this cracking has gained a lot achievement and many pavement
methods are designed based on it. However, recently, longitudinal cracks are often observed to
occur in the edge of wheel path and propagate downward through the surface layer, which give rise
to more and more attention from pavement experts. Top-down cracking (TDC) of asphalt pavement
is defined as fatigue cracks initiate at the surface and propagate downward through the surface
layer. Cracking at early stage is also called surface cracking, surface initiated cracking, surface-
initiated longitudinal wheel path cracking and longitudinal surface cracking etc. The reason of TDC
initiation is discussed through finite element analysis on pavement structure in the paper.

2 THE ESTABLISHMENT OF FINITE ELEMENT MODEL ON PAVEMENT STRUCTURE

2.1 The selection of wheel-load model

Wheel load is an external force generating pavement stress, stain and displacement variation and is
one of immediate causes inducing pavement destruction. Driving vehicles on pavement can be in
different conditions such as stop, braking and turning etc. With movement variation on pavement,
the applied direction and force of wheel load are also changed. Therefore, reasonable selection of
wheel-load model is the groundwork of correct analysis on pavement response and the reason of

327



Figure 1. Load model.

Figure 2. The coordinate of model.

TDC initiation. Systemic research work of wheel-load model has been made [8]. Based on it, the
wheel-load model which is selected in the paper is shown as Figure 1 (longitudinal tread contour,
100 KN ).

2.2 The selection of finite element model

The selected finite element model is shown as Figure 2: the model dimension is: 5 m × 5 m × 5m;
the boundary condition is fixed support on back surface and slip support on two sides parallel to
driving direction; top surface and two sides vertical to driving direction are free; interlamination is
continuous; cell is eight-node hexahedron solid mass; grid is divided manually plus automatically;
the location applied by wheel-load is divided manually and densely, while others are automatic.
The large general software-ABAQUS is applied in computation in the paper.

2.3 Confirmation of pavement structural parameters

Mechanical response is different with the variant pavement structure. Therefore, distinguishing
different-type pavement structural parameters are very important. Semi-rigid asphalt pavement
specific parameters are shown in Table 1.
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Table 1. Pavement structure and parameters for calculation.

Semi-rigid pavement structure

Number of Structure Possion
layers layer Mixture Thickness/cm Modulus/MPa ratio

1 Surface Asphalt concrete 15 1200 0.25
2 Base Cement stabilized 30 1500 0.25

macadam
3 Subbase Lime stabilized soil 40 800 0.30
4 Subgrade 40 0.35

Table 2. The maximum tensile stress, maximum shear stress and locations.

Item Stress value/Pa Location/m

Maximum tensile stress 4.128E+04 (0.0, 1.65, 2.5)
Maximum shear stress 3.26E+05 (0.0, 2.5, 2.325)

Figure 3. Contour of the maximum shear stress.

3 RESULTS AND ANALYSIS

Input above parameters into finite element model and calculate it. Maximum tensile stress and
maximum shear stress obtained are shown in Table 2 and Figure 3.

From studying Table 2, apparently the value of maximum shear stress has of the order of magni-
tude larger value than maximum tensile stress. Its location is at the bottom of sub-base (the value of
y is1.65, just equal to (2.5 − 0.85)). The value of normal tensile strength and shearing strength are
of the order of magnitude of 1 MPa[9] and 0.3 ∼ 0.5 MPa[10]. The value of maximum tensile stress
is of the order of magnitude less than tensile strength, while the value of maximum shear stress is
in the range of shearing strength. With the consideration of fatigue effect, maximum shear stress
is believed to be the direct cause to TDC initiation, which has the same conclusion with literature
[11]. To find out maximum shear stress variation rule, the relations of maximum shear stress with
E1/E2 and with surface thickness are shown in Figure 4 and Table 3.
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Figure 4. The relation between the maximum shear stress and E1/E2.

Table 3. Effect of surface thickness on stress and deflection.

Maximum Maximum
Thickness/cm tensile stress/Pa shear stress/Pa Deflection/m

9 4.129E+04 3.053E+05 −3.851E−04
12 4.019E+04 3.046E+05 −3.771E−04
15 3.901E+04 3.093E+05 −3.696E−04
18 3.782E+04 3.084E+05 −3.626E−04

From Figure 4, when E2- the moduli of basement, is in a larger value, the increment of E1/E2
generates the increment of speed of maximum shear stress decrease. Meanwhile, when the value
of E1/E2 is near 2, the value of maximum shear stress is minimal; whereas the value of maximum
shear stress is increasing no matter the value of E1/E2 is larger or less than 2; and it is obvious
decreasing when less than 2, while obscure decreasing when larger than 2.

From Table 3, the thicker the surface is, the less value of tensile stress and deflection are. But
the thickness of pavement has no obvious effect on the maximum shear stress with the maxium
error of 2%.

4 CONCLUSIONS

1) Maximum shear stress occurs on the surface of pavement and is believed to be the main cause
to TDC initiation in semi-rigid pavement;

2) Maximum tensile stress occurs at the bottom of sub-base and is believed to be the direct cause
to reflected cracking initiation;

3) The thickness of pavement has not obvious effect on the maximum shear stress. But the thicker
the surface is, the less value of tensile stress and deflection are.

4) E1/E2 has certain effect on the maximum shear stress and the value of maximum shear stress is
maximal when the ratio is near 2.

5) Due to some limitation, the future research work should be kept on.
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ABSTRACT: Traditionally, HMA pavement designs and modeling methods have historically
been based on the fundamental assumption that fatigue cracking generally initiates at the bottom of
the HMA layer due to excessive tensile stresses/strains, and then propagates upwards to the surface.
However, fatigue cracking can either be bottom-up or top-down initiated depending on the location
of the maximum horizontal tensile stresses and strains in the HMA layer. Various factors such as
the pavement structure and wheel/tire loading configurations influence the fatigue crack-related
tensile strains that are induced in the HMA layer. In this study, the influence of these factors on
the tensile strains responses and potential location of fatigue crack initiation in HMA pavements
was investigated. To address the non-uniformity distribution of the tire-pavement contact pressure
(TPCP), a three-dimensional finite element (3-D FE) program was utilized for the computational
simulations and numerical analyses. Specifically, the actual TPCP of different tire types and tread
patterns measured under variable load levels and tire inflation pressures were utilized to evaluate
and analyze the potential locations of maximum tensile strains in terms of fatigue crack initiation.
The results showed that fatigue cracking, bottom-up or top-down, depended on pavement structure,
material parameters, and has little relative with the magnitude and distribution of tire-pavement
contact pressure. Finally, the potential locations of fatigue crack initiation in asphalt pavements
were recommended.

1 INTRODUCTION

It was generally thought that fatigue cracking generally initiates at the bottom of Hot-mix asphalt
(HMA) layer, and then propagates up to the surface of HMA layer. However, many recent studies
and field experiences have shown that fatigue cracking can also initiate at the surface of the
HMA surfacing/wearing course layer due to high surface tensile stresses/strains and then propagate
downwards through that layer. In 1987, Gerritsen et al. (1987) conducted a study of top-down
cracking (TDC) on HMA pavements in the Netherlands and confirmed the prevalence of TDC,
but that this phenomenon did not extend into the lower bituminous or HMA base layers. Gerritsen
et al. (1987) further reported that these surface cracks occurred both inside and outside the wheel
path areas, and, in some cases, soon after paving. Dauzats and Rampal (1987) published results
that described surface-initiated cracking on HMA pavements in France.

Matsuno and Nishizawa (1992) reported that TDC constitute a major distress in Japan, predom-
inantly occurring near the wheel paths in pavements ranging from 1 to 5 years old and that it is
absent in shadowed areas such as under bridges. They conducted that traffic loading cause high
tensile strains in hot pavements and that the pavement cross section had little effect on the surface
tensile strains. In their study, Meyers et al. (1998) reported that TDC typically occurred outside
the wheel paths in Florida; with cracks penetrating to depths ranging from just under the pavement
surface to the entire HMA layer depth. They concluded that the main cause of TDC is the increasing
use of radial truck tires and that the HMA thickness has little effect on the surface tensile stresses.
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Uhlmeyer et al. (2000) observed that TDC occurred in and around the wheel paths in pavements
that are 3 to 8 years old with HMA thicknesses of more than 160 mm. On this basis, these researchers
concluded that pavement thickness has an effect on the initiation of TDC, which contradicts the
findings of Matsuno and Nishizawa (1992) and Meyers et al. (1998). In further contrast to Meyers
et al.’s (1998) findings, Rogue et al. (2006) found that pavement structure had an effect on the
surface-initiated cracking in Florida.

Based on the aforementioned literature review, the following can be inferred: (a) surface-
initiated fatigue cracking is widespread in most HMA pavements; (b) it is generally believed that
these surface-initiated cracks are caused by some combination of truck tires and thermal stresses;
(c) there is no general consensus on the location of the critical surface tensile stresses, however
most researchers consider that the critical location is near or at the tire edge; (d) there is no gener-
alized understanding on the effects of the pavement structure variables such as the HMA layer(s)
thickness and moduli on the initiation of TDC; (e) some studies based on the actual measured
tire-pavement contact pressures and instrumented pavements support the view that truck tires is
one of the primary causes of TDC in the HMA surfacing layers.

In general, many influencing factors are considered to affect the tensile stress-strain response
and fatigue (cracking) behavior of HMA pavements, when subjected to varying traffic loading and
environmental conditions. These factors include the magnitude and distribution of the tire-pavement
contact pressure (TPCP), pavement structural layer thickness, pavement structural combination, and
material properties such as the Poisson’s ratio and elastic modulus. All these factors influence the
location and mechanism of crack initiation (at the bottom and/or surface of the HMA layer) and need
be taken into account when modeling fatigue cracking. To mitigate against this distress, the current
mechanistic-empirical (M-E) design concept for the fatigue-resistant perpetual pavements utilizes
70 µε as the governing mechanistic response parameter to control bottom-up fatigue cracking in
the lowest HMA layer of a flexible HMA pavement structure (APA, 2002; Walubita and Scullion,
2007). According to this criterion, horizontal tensile strains greater than 70 µε are indicative of a
potential for premature fatigue crack damage and should be minimized.

On the basis of the above discussions, the objective of the work presented in this paper was
to computationally investigate the influence of the different combinations of the aforementioned
factors on the tensile strains responses and potential locations of fatigue crack initiation in HMA
pavements. To address the non-uniformity distribution of the TPCP, a three-dimension finite ele-
ment program (ANSYS) instead of a multi-layer elastic program was used for the computational
simulations and numerical analyses. Specifically, the actual contact pressures of different tire types
and tread patterns measured under variable load levels and tire inflation pressures in the laboratory
were utilized in the tensile strain computations.

2 METHODOLOGICAL APPROACH

This section provides the methodological approach adapted for the study and includes 3D-FE
loading configuration, 3D-FE models, and associated boundary conditions.

2.1 3D-FE loading configuration and boundary conditions

Figure 1 shows the 3D-FE loading configuration in terms of the tire contact print area (shaded areas),
the X-Y-Z coordinate system, and the pavement structure; simulated as the pavement surface for
3D-FE analysis.

The maximum dimensional lengths adapted for the X,Y, and Z axes were 5.0 m, 5.0 m, and 8.0 m,
respectively. The boundary conditions were assumed as follows: 1) no Z-directional displacement
on the underside, 2) no X-directional displacements on both the left and right sides of the origin,
and 3) noY-directional displacements on both the front (upper) and back (lower) sides of the origin.
All the layers were assumed to be fully-bonded at the interface. The spacing between the tires was
taken as 346 mm and 220 mm for the 11.00–20 and 6.5–16 tires, respectively. According to Wang
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Figure 1. Simulated 3D-FE loading configuration on the pavement surface.

Table 1. Pavement structure and layer material properties.

Material Thickness (mm) Modulus (MPa) Poisson’s Ratio

Structure A
Dense graded HMA 144.8 4878 0.35
Crushed stone base 323.0 389 0.40
Sandy clay subgrade infinite 100 0.45

Structure B
Dense graded HMA 51.0 4878 0.35
Crushed stone base 323.0 389 0.40
Sandy clay subgrade infinite 100 0.45

et al. (2006), the mechanistic response in a HMA layer due to the effect of dual tires on a single
axle-wheel configuration is similar to the effect of dual tires on each of the tandem axles. So, only
dual tires on a single axle loading configuration were considered in the 3D-FE analysis in this study.

2.2 Validity of 3D-FE model formulation and boundary conditions

It is well known that the appropriateness and accuracy of a 3D-FE analysis model is significantly
dependent on the model dimensions and the boundary conditions. As a means to validate the
formulated 3D-FE model simulation and associated boundary conditions, a numerical comparison
was completed with the multilayer elastic theory (MET). However, because mechanistic response
computations under MET are based on a uniform load distribution assumption, a standard axle-
wheel load of 80 kN was used in the validation/comparison analyses.

Two typical (simple) pavement structures were arbitrarily utilized; a thick and a thin HMA
pavement, differing only in the top HMA layer thickness, see Table 1.

The strains computed at the surface and bottom of HMA layer, located under the center of the
tire-pavement contact area, were compared and are shown in Figure 2.

Figure 2 showed a comparative illustration of the result from the computational analyses based
on both MET and 3D-FE model simulation, computed at the surface and bottom of the HMA layer.
From Figure 2, it is evidently clear that the difference in the computed strain responses between
MET and 3D-FE are insignificant. In fact, the strain magnitude do not differ by no more than
3%. These results therefore indicates that the formulated 3D-FE analysis model and the assumed
boundary conditions are reasonably feasible and accurate for modeling the mechanistic responses
in the HMA pavements considered in this study.
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Figure 2. Strain response comparison based on MET and 3D-FE analyses.
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Figure 3. Calculating model of TPCP.

2.3 Tire-pavement contact pressure model in 3D-FE

Based on the actual measured TPCP by Hu (2003), four tire tread patterns were investigated: a
6.5–16 longitudinal, a 6.5–16 latitudinal, an 11.00–20 longitudinal, and an 11.20 latitudinal. All
the tires were sourced from the same manufacturer and the rated specifications. The tread pattern
and shape of the tire-pavement contact print area of an 11.00–20 longitudinal patterned tire are
similar to that of a 6.5–16 longitudinal tread patterned tire, and the tire-pavement contact area was
modeled as shown in Figure 3(a) for 3D-FE analysis; a series of interspaced rectangular blocks.
However, the width and length of the contact print areas, and subsequently, the magnitude of the
contact print areas, are different.

Figure 3(b) shows the tire-pavement contact print area and the 3D-FE simulation of the contact
area for a latitudinal tread patterned tire. In Figure 3(b), only the middle blocks denoted as Pi were
assumed to have uniform pressure, the rest are not, i.e., were assumed to have non-uniform pressure.
For 3D-FE modeling, the load was assumed to be symmetrical about the coordinate origin.
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Table 2. TPCP loading parameters.

Tire type and tread pattern No. Load (kN) Inflation pressure (kPa)

A) 11.00–20 bias tire: allowable load levels → ≤ 25.0 460–810
11.00–20 latitudinal tread pattern (heavy-truck tire) 1 25.0 600

2∗ 19.0 1050
3∗ 25.0 1050
4∗ 62.5 1050

11.00–20 longitudinal tread pattern (heavy-truck tire) 5 25.0 460
6 25.0 600
7∗ 19.0 1050
8∗ 25.0 1050
9∗ 62.5 1050

B) 6.5–16 bias tire: allowable load levels → ≤ 7.15 250–530
6.5–16 latitudinal tread pattern (light-truck tire) 10 7.15 250

11∗ 17.88 390
6.5–16 longitudinal tread pattern (light-truck tire) 12 7.15 390

13∗ 7.15 700
14∗ 17.88 700

∗Represents an overload, either the tire inflation pressure and/or the wheel load in Italics.

3 TENSILE STRAIN RESPONSES: INFLUENCE OF THE TIRE-PAVEMENT CONTACT
PRESSURE

The tire inflation pressure and axle-wheel loading including the pavement structures utilized for
the 3D-FE computations are also discussed in this section.

3.1 Tire inflation pressure and axle-wheel load

Based on Hu’s (2003) laboratory study of actual TPCP measurements, up to 14 TPCP factor-
level combinations including different tire types and tire tread patterns with varied load levels and
tire inflation pressures were selected for 3D-FE evaluation in this study. These TPCP factor-level
combinations are listed in Table 2.

Based on the rating specifications, 9 of the selected TPCP combinations were overloaded; refer
to the numbers with an asterisk (∗) in column 2 representing a TPCP combination with tire pressure
over-inflation and/or an overload. In Table 2, TPCP Nos. 1∼9 are for heavy truck tires and Nos.
10∼14 for light truck tires (with a legal single rear axle wheel load of about 30 kN).

3.2 Pavement structures

To evaluate these effects of pavement structure on the magnitude and distribution of the TPCP,
10 thin and thick HMA pavement structures were arbitrarily selected for 3D-FE computational
analyses. These pavement structures are listed in Table 3.

In Table 3, PS No’s 9 and 10 represent two typical HMA pavement structures mentioned before;
PS No’s 1 through to 8 have extreme material properties and were incorporated in the analysis to
sufficiently illustrate the influence of the moduli/combination on the TPCP. For all the pavement
structures, the Poisson’s ratio of the HMA and base layers was 0.35, and 0.4 for the subgrade.

3.3 Results and analysis – tensile strain responses due to varying TPCP

Table 4 presents the results of the maximum tensile strains computed in the HMA layer of the
different pavement structures listed in Table 3 under the various TPCP combinations listed in
Table 2. In Table 4, the column of “TPCP No.” corresponds to the TPCP number listed in column 2
of Table 2.
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Table 3. Selected HMA pavement structures.

HMA layer HMA layer Base layer Base layer Subgrade
modulus thickness modulus thickness modulus

PS No. (MPa) (mm) (MPa) (mm) (MPa) Comment

1 1000 50 100 300 50 Thin PS
2 1000 500 100 300 50 Thick PS
3 30000 50 100 300 50 Thin PS
4 30000 500 100 300 50 Thick PS
5 1000 50 15000 300 50 Thin PS
6 1000 500 15000 300 50 Thick PS
7 30000 50 15000 300 50 Thin PS
8 30000 500 15000 300 50 Thick PS
9 4878 144.8 389 323 100 Typical thick PS

10 4878 51 389 323 100 Typical thin PS

∗PS = pavement structure.

The column of “εmax” refers to the computed maximum tensile strain measured in micro strains
(µε) and the column of “Direction” refers to the direction of computed maximum tensile strain, X
orY coordinate directions (refer to Figures 1 and 3). The 4th column of “Location” refers to the 3D
coordinate location at which the computed maximum tensile strain occurs, e.g., X-Y-Z coordinate
location; see Figures 1. The pavement structure number such as “1” or “2” corresponds to the PS
No’s in column 1 of Table 3.

Using 70 µε as the reference bench mark, the analysis and findings of the results presented in
Table 4 can be summarized as follows:

(1) For the majority of the pavement structures, the value of εmax in the HMA layer under the
differentTPCPs is unequal, even under the same wheel load but different tire inflation pressures.
However, the location and direction of εmax is seldom influenced by the different TPCPs, e.g.,
pavement structure 1, and pavement structure 3 ∼ 6.

(2) When the moduli of the HMA layer and base layer are high, e.g., pavement structures 7 and
8, the value of εmax is very small, and mostly occurs at the edge of the simulated 3D-FE
model.

(3) For the pavement structure 2, the εmax is located at the bottom of the HMA layer for the heavy-
truck tire loading, where as it is at the surface of the HMA layer under the light-truck tire
loading. But to this pavement structure, the modulus of the HMA layer is very low.

(4) Considering all the 3D-FE input data, the general plane location of εmax is always at the edge
or inside of the tire-pavement contact area, except for the cases where both the HMA and base
layer moduli are very high. This is so because when both the HMA and base layer moduli are
very high, the value of εmax is very small, and may in fact not likely to induce any major fatigue
crack initiation in the HMA layer.

(5) The εmax in pavement structures 1, 2, 3, 5, 6, 9, and 10 are close to or exceed 70 µε under
the light-truck tire loading; even under legal loading of 7.15 kN and tire inflation pressure
of 250 kPa. This is indicative that depending on the pavement structure and traffic loading
conditions, a light truck maybe as fatigue crack damaging as a heavy truck. Note however that
due to the possibly high HMA layer moduli, the εmax are substantially less than 70 µε in the
pavement structures 4, 7, and 8 under heavy-truck and light-truck tire loading. Theoretically,
this means that having the right pavement structure combination in terms of both the layer
thicknesses and moduli can significantly reduce the induction of tensile strains in the HMA
layer and thus help in minimizing traffic related fatigue cracking.
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Table 4. Computed εmax results under varying TPCPs.

TPCP No. εmax (µε) Direction Location εmax(µε) Direction Location

Pavement Structure 1 Pavement Structure 2

1 893 y −0.15,0,−0.05 108 y 0,0,−0.5
2 1214 y −0.14,−0.01,−0.05 86 y −0.02,0,−0.5
3 1211 y 0.17,0,−0.05 110 y 0,0,−0.5
4 1382 y −0.14,−0.01,−0.05 268 y −0.04,0,−0.5
5 806 y 0.15,0−0.05 110 y 0,0,−0.5
6 907 y 0.17,0,−0.05 110 y 0,0,−0.5
7 1200 y −0.17,0,−0.05 85 y 0,0,−0.5
8 1303 y 0.17,0,−0.05 111 y 0.02,0,−0.5
9 1359 y −0.15,0,−0.05 269 y 0,0,−0.5

10 469 y 0.10,−0.01,−0.05 86 x 0,0,0
11 741 y 0.07,0,02,−0.05 151 x 0,−0.02,0
12 519 y 0.1, 0,−0.05 65 x −0.02,0,0
13 647 y −0.1,0,−0.05 62 x 0.04,0.03,0
14 964 y 0.09,0,−0.05 128 x 0.01,0,0

Pavement Structure 3 Pavement Structure 4

1 204 y −0.10,−0.01,−0.05 5 y 0,0,−0.5
2 199 y −0.14,0,−0.05 4 y −0.02,0,−0.5
3 228 y −0.14,0,−0.05 6 y 0.03,0,−0.5
4 443 y −0.10,0.03,−0.05 14 y 0,0,−0.5
5 199 y −0.12,0,−0.05 6 y 0,0,−0.5
6 206 y 0.13,0,−0.05 6 y 0,0,−0.5
7 186 y 0.15,0,−0.05 4 y 0,0,−0.5
8 230 y 0.15,0,−0.05 6 y 0.03,0,−0.5
9 439 y −0.10,0,−0.05 14 y 0,0,−0.5

10 80 y 0.04,0.01,−0.05 2 y 0,0,−0.5
11 176 y −0.04,−0.02,−0.05 4 y 0,0,−0.5
12 84 y 0.07,0,−0.05 1 y −0.01,0,−0.5
13 91 y −0.09,0,−0.05 1 y −0.02,0,−0.5
14 193 y −0.05,0,−0.05 4 y 0,0,−0.5

Pavement Structure 5 Pavement Structure 6

1 59 x 0.17,0,0 142 x 0,0,0
2 116 x 0.24,−0.07,0 122 x −0.08,−0.03,0
3 101 x 0.24,0.03,0 134 x 0,−0.03,0
4 74 x 0.17,0,0 303 x 0,0.03,0
5 71 x 0.22,−0.05,0 133 x −0.03,0,0
6 87 x 0.21,0,0 138 x −0.03,0,0
7 105 x 0.17,0,0 106 x −0.09,0,0
8 116 x 0.17,0,0 131 x −0.03,0,0
9 160 x 0.22,−0.03,0 273 x 0.02,0,0

10 53 x 0,0,0 105 x 0,0,0
11 125 x 0,0.02,0 200 x 0,−0.02,0
12 28 x −0.2,0,0 84 x 0.02,0,0
13 67 x −0.15,−0.01,0 82 x 0.04,0.03,0
14 64 x −0.20,0,0 177 x 0.01,0,0

Pavement Structure 7 Pavement Structure 8

All strain less than 10 and occur at the edge of the simulated 3D-FE model

(Continued)
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Table 4. (Continued).

TPCP No. εmax (µε) Direction Location εmax(µε) Direction Location

Pavement Structure 9 Pavement Structure 10

1 131 y −0.10,−0.01,−0.1448 224 y −0.14,0,−0.051
2 120 y −0.14,0,−0.1448 288 y −0.14,0,−0.051
3 144 y −0.14,0,−0.1448 295 y −0.17,0,−0.051
4 287 y −0.10,−0.02,−0.1448 363 y −0.14,0.12,−0.051
5 130 y −0.12,0,−0.1448 205 y 0.15,0,−0.051
6 134 y −0.14,0,−0.1448 227 y −0.17,0,−0.051
7 117 y −0.15,0,−0.1448 280 y −0.17,0,−0.051
8 147 y −0.14,0,−0.1448 315 y −0.17,0,−0.051
9 288 y −0.10,−0.02,−0.1448 358 y −0.15,0,−0.051

10 50 y 0,0,−0.1448 110 y 0.1,−0.01,−0.051
11 113 y 0,0,−0.1448 181 y 0.07,0.01,−0.051
12 53 y 0.046,0,−0.1448 124 y 0.01,0,−0.051
13 56 y −0.06,0,−0.1448 152 y 0.01,0,−0.051
14 123 y 0,0,−0.1448 231 y 0.08,0,−0.051

4 TENSILE STRAIN RESPONSES: INFLUENCE OF THE PAVEMENT STRUCTURE
UNDER TIRE LOADING

To further investigate the potential location of crack initiation due to pavement structure when
subjected to tire loading, the εmax in the HMA layer under varying HMA moduli and layer
thicknesses were computed. To achieve this, the following pavement structural parameters were
evaluated: 500, 1000, 2500, 5000, 7000, 15000, 30000 MPa for the HMA layer moduli (i.e., EAC);
25, 50, 100, 150, 200, 300, 400, 500 mm for the HMA layer thickness; and 50, 100, 500, 1000,
2500, 7000, 15000 MPa for the base moduli (i.e., EBase). Together, a total of 392 factorial combina-
tions (i.e., 7 × 7 × 8) were considered. For all the pavement structures evaluated, the Poisson’s ratio
of HMA and base layers was 0.35, and 0.4 for the subgrade. The base layer thickness was taken
as 300 mm through out and the subgrade modulus was taken as 35 MPa. Because TPCP variation
under tire loading has little influence on the location and direction of the εmax in the HMA layer,
only the TPCP due to 11.00–20 latitudinal tread patterned tire with 25.0 kN wheel loading and
600 kPa tire inflation pressure was considered.

Table 5 provides a list of the 3D-FE computational results. InTable 5, HAC refers to the HMA layer
thickness and EAC to the HMA layer modulus. For the computed strains, ε(s,x) stands for maximum
tensile strains at the “surface” of the HMA layer in the horizontal “X-coordinate” direction and
likewise for ε(s,y). On the same basis, ε(b,x) stands for maximum tensile strains at the “bottom” of the
HMA layer in the horizontal “X-coordinate” direction and similarly for ε(s,y). For all the pavement
structures evaluated, the computed maximum tensile strain at the surface of the HMA layer was
often such that ε(s,x) > ε(s,y), and ε(b,x) < ε(b,y) at the bottom of HMA layer, so only the ε(s,x) and ε(b,y)

results were utilized for evaluating the potential location of crack initiation in terms of εmax. Also
since all of the computed maximum tensile strains occurred at the edge or inside the tire-pavement
contact area, it was deemed unnecessary to list these coordinate locations in the table.

Also using 70 µε as the reference bench mark, then the following observations can be deduced
from Table 5:

(1) When EBase ≤ 500 MPa and EAC ≤ 1000 MPa, crack initiation may occur from both the surface
and bottom of the HMA layer (in most pavements), irrespective of the HMA layer thickness.
That is, it is possible for a pavement structure to simultaneously experience both TDC and
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Table 5. Computed εmax results under heavy-truck tire loading.

EAC = 500 EAC = 1000 EAC = 2500 EAC = 5000 EAC = 7000 EAC = 15000 EAC = 3000
MPa MPa MPa MPa MPa MPa MPa

EBase HAC
MPa mm ε(s,x) ε(b,y) ε(s,x) ε(b,y) ε(s,x) ε(b,y) ε(s,x) ε(b,y) ε(s,x) ε(b,y) ε(s,x) ε(b,y) ε(s,x) ε(b,y)

50 25 2048 1326 1654 1393 1654 1393 1088 1250 527 906 239 648 118 453
50 1297 1808 784 1497 784 1497 286 1034 146 603 83 381 50 242

100 338 1402 226 1011 226 1011 119 599 55 304 27 174 15 102
150 197 1003 128 688 128 688 65 383 27 181 14 100 8 57
200 131 743 81 493 81 493 39 264 17 120 10 65 7 35
300 77 452 41 289 41 289 21 147 11 64 7 32 4 17
400 144 297 43 186 43 186 16 92 9 38 5 19 2 9
500 186 206 75 127 75 127 21 61 6 24 3 12 1 6

100 25 1070 504 942 606 942 606 710 672 416 577 228 451 104 336
50 830 947 582 890 582 890 278 700 109 456 65 306 39 204

100 267 897 156 715 156 715 90 469 44 259 24 156 13 95
150 130 693 90 521 90 521 51 319 23 163 13 93 8 54
200 87 535 60 391 60 391 32 228 15 111 9 61 6 34
300 125 344 33 241 33 241 19 133 10 60 7 31 4 17
400 172 234 57 159 57 159 14 84 8 36 4 18 2 9
500 203 166 83 111 83 111 23 57 6 23 3 11 1 6

500 25 88 48 112 38 112 38 131 38 127 102 103 124 73 120
50 120 49 121 106 121 106 103 160 57 163 27 137 18 107

100 150 156 66 182 66 182 24 178 16 135 11 97 7 67
150 173 153 48 166 48 166 17 147 11 100 8 67 6 43
200 191 132 53 139 53 139 15 118 10 76 7 48 5 29
300 217 100 75 101 75 101 13 79 8 46 6 27 3 15
400 233 76 93 74 93 74 22 54 7 29 4 16 2 9
500 245 58 106 55 106 55 32 39 7 20 3 10 1 5

1000 25 42 34 37 30 37 30 28 22 49 17 52 46 45 59
50 41 28 33 22 33 22 36 47 32 79 19 80 10 70

100 120 36 46 64 46 64 17 88 9 84 7 68 5 51
150 187 46 63 69 63 69 14 81 9 68 6 51 5 35
200 220 43 77 62 77 62 13 69 8 55 6 38 4 25
300 244 35 96 50 96 50 18 50 7 36 5 23 3 14
400 253 29 108 38 108 38 30 37 6 24 3 14 2 8
500 259 23 117 30 117 30 37 27 9 16 3 9 1 5

2500 25 69 19 22 18 22 18 19 15 14 11 10 7 15 11
50 57 18 22 16 22 16 17 12 11 14 8 27 5 31

100 120 14 40 11 40 11 16 18 9 34 6 34 4 30
150 214 12 81 9 81 9 14 24 8 32 5 29 4 23
200 254 9 101 8 101 8 22 23 7 28 5 24 3 18
300 273 6 117 8 117 8 33 19 6 20 4 16 2 11
400 274 4 124 8 124 8 40 15 8 15 3 10 2 7
500 274 2 128 7 128 7 44 12 12 10 4 7 1 4

7000 25 149 11 44 11 44 11 12 10 10 9 9 7 6 0
50 132 10 36 10 36 10 13 9 10 7 7 5 5 6

100 144 10 55 9 55 9 13 7 9 4 5 10 3 12
150 249 9 105 8 105 8 27 5 7 7 4 11 3 11
200 291 8 127 6 127 6 37 4 6 7 4 10 2 9
300 302 7 137 4 137 4 45 1 10 7 3 7 2 6
400 302 6 137 2 137 2 48 2 13 5 4 5 1 4
500 299 5 137 1 137 1 50 2 15 4 6 4 2 3

15000 25 180 13 73 7 73 7 11 6 7 6 6 5 5 4
50 163 7 65 7 65 7 8 6 7 5 6 4 4 3

100 161 6 69 6 69 6 17 5 7 3 5 2 3 4
150 270 6 122 5 122 5 37 4 6 2 4 3 2 5
200 312 6 143 5 143 5 46 3 10 1 3 3 2 4
300 319 5 149 4 149 4 51 2 14 1 4 3 1 3
400 307 4 146 3 146 3 53 1 16 1 6 2 2 2
500 298 3 143 2 143 2 53 0 17 1 7 2 3 2
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bottom-up cracking (BUC). If this happens, then the ultimate fatigue failure mechanism will
be governed by the rate of TDC or BUC propagation, whichever is more rapid.

(2) When EBase ≤ 500 MPa and EAC > 1000 MPa, the location of crack initiation in the HMA layer
is related to the HMA layer thickness as follows:
when

both TDC and BUC initiation may potentially occur in the HMA layer;
when

only BUC initiation is likely to occur;
when,

no fatigue cracking is likely to occur in the HMA layer; where

(3) When 500 ≤ EBase < 2500 MPa, the location of the crack initiation appears to be related to the
HMA layer thickness as follows:
when EAC ≤ 1000 MPa, only TDC is possible, but with only HAC > 70 mm;
when 1000 < EAC ≤ 15000 MPa, only BUC is possible, but only when the HMA layer thickness
is in the following span:

Where a3 = 0.0447; b3 = −0.3721; c3 = 0.8126; a4 = −0.0515; b4 = 0.2562; c4 = −0.0763.
when EAC > 15000 MPa, no fatigue damage is likely to be caused by traffic loading in the HMA
pavement.

(4) When EBase ≥ 2500 MPa, no BUC is likely to occur irrespective of the HMA layer thickness or
TDC when EBase is greater than 2500 MPa. In other words, under these HMA-based moduli com-
binations, no serious fatigue cracking due to traffic induced tensile strains would theoretically
be expected.

(5) When EBase ≥ 2500 MPa but EAC < 2500 MPa, there is a potential for TDC occurrence
irrespective of the HMA layer thickness.
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5 CONCLUSIONS

In this study, a 3D-FE program ANSYS was utilized to compute the tensile strains in HMA pave-
ments as a means to model the potential location of fatigue crack initiation; bottom-up and/or
top-down. Actual measured TPCP were used the analysis and various variables such as pavement
structure, heavy-truck tire loading, light-truck tire loading, wheel load, and tire inflation pressure
were investigated. On the basis of the computational results presented in this paper, the following
conclusions can be drawn:

(1) The TPCP of a heavy-truck or light-truck tire loading, including different load levels or similar
loading under different tire inflation pressures, hardly influence the location of the maximum
horizontal tensile strains; but does influence the magnitude of the maximum horizontal tensile
strains in the HMA layer.

(2) The critical location of TDC due to maximum tensile strains appears to be always near (i.e., tire
edge) or within the tire-pavement contact area (i.e., wheel path) and that the direction of the
maximum tensile strains that induces TDC is always along the Y-direction along the direction
of vehicle travel. That is, the top-down cracking that caused by traffic loading occurs near or
inside the wheel paths and has the same direction as the direction of vehicle travel.

(3) The potential location of fatigue crack initiation due to excessive tensile strains caused by tire
loading in a given HMA pavement structure are related to the HMA and base layer moduli and
the HMA layer thickness:
– When both the HMA and base layer moduli are low, such as the base modulus less than

500 MPa and HMA modulus less than 1000 MPa, both top-down and bottom-up crack
initiation are likely to occur simultaneously, irrespective of the HMA layer thickness;

– When both the HMA and base layer moduli are high, such as both being more than 2500 MPa,
no major fatigue cracking based on the computed lower tensile strains is expected;

– When the HMA layer modulus is very high, such as more than 15000 MPa, the computed
tensile strains are marginally very small and no major fatigue cracking is likely to appear,
irrespective of the base layer modulus;

– When the base layer modulus is lower while the HMA layer modulus is high, such as the
base modulus being less than 500 MPa while the HMA modulus is more than 1000 MPa,
the magnitude of the computed tensile strains and the potential location of fatigue crack
initiation depend on the HMA layer thickness. This is also true for the case where the base
layer modulus is higher (i.e., between 500 and 2500 MPa) and the HMA modulus is not very
high (i.e., less than 15000 MPa).

– Regression equations were subsequently developed to estimate and indicate the potential
location of fatigue crack initiation based on the maximum tensile strain computations.
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ABSTRACT: With fast increasing traffic volume and axle load, a common mode of distress, single
or parallel longitudinal cracks, often observed at the surface of asphalt pavement. After taking cores
on suspect crackings from sites, it was identified that most of those crackings initiated at pavement
surface and propagated downward, therefore they were namedTop-Down Cracking (TDC). Because
TDC often occur on the heavy-duty pavements, the heavy traffic loads were regarded as the main
failure reason for TDC. In fact, there were two different prospectives on cause of TDC. One is high
surface horizontal tensile stresses due to non-uniform-distributed tire-pavement contact pressure.
The other is high shear stress in wearing course also induced by non-uniform-distributed tire-
pavement contact pressure. Before the natural characteristics of TDC been completely understood,
it has to be concluded in dilemma that both tensile-type cracking and shear-type cracking could
initiate TDC. However in strength theory, both the shear failure and tensile failure are sort of simple
yield criterions, reflecting the failure of materials in simple stress states, like the materials in the
uniaxial tension test and direct shear test. But they are totally different with the stress response in
asphalt pavement caused by complex non-uniform-distributed pressure between tire and pavement.
In order to explain the real failure reason for TDC, in this paper the measured tire-pavement contact
pressure and 3D finite element method (FEM) were used to analyze the mechanical response of
asphalt pavement structures. Comparing with the tensile or shear stress failure theories, the TDC
is simulated and explained by either Mohr-Coulomb strength theory or Mises strength theory. The
analysis results show that the strength theory of complex stress state can better explain the TDC
than the traditional theories, such as maximum tensile stress or maximum share stress.

1 INTRODUCTION

With fast increase in traffic volume and axle load in China, a common mode of distress, single
or parallel longitudinal cracks, often appeared at the surface of asphalt pavement. After taking
cores on suspect crackings from in-site projects, it was identified that most of those crackings are
Top-Down Crackings (TDCs), initiated at pavement surface and propagated downward. Because
TDC often occur on the heavy-duty pavements, the heavy traffic loads were regarded as the main
reason for TDCs.

What are the causes of TDC in asphalt pavement? Gerritsen et al (1987) (1) and Myer et al (1998)
(2) both considered that the effects of non-uniform tire-pavement contact stresses and high surface
tensile strains at the edge of the tire are the causation of TDC. Furthermore, Groenendijk (1998)
(3) concluded that the aging of the AC at the surface combining with the non-uniform contact
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stress could result in critical tensile stress on the surface rather than at the bottom of the AC. A
different viewpoint is that TDC is caused by the shear stress/strain in wear course. Bensalem et
al (2000) (4) compared the load-induced shear strains at the edge of the wheels on the vertical
plane with the tensile strains at the same location on the pavement surface, and concluded that
the shear strains on the vertical plane play a dominated role in TDC. In the research report of
Michigan State University, Svasdisant T (2003) (5) pointed that the cracks caused by shear failure
along a vertical plane should incline at an angle from the vertical plane. Facing those awkward
dilemmas, Wang L. B. et al indicated that (2003) (6): (a) top-down cracking may initiate not only
at the pavement surface but also at some distance down from the surface; (b) both tensile-type and
shear-type cracking could initiate top-down cracking.

However in strength theory, both the shear failure and tensile failure are simple yield criterions,
reflecting the failure of materials in simple stress states. Those simple stress states, like uniaxial
tension test and direct shear test, are totally different with the stress states in asphalt pavement
caused by complex non-uniform-distributed contact pressure between tire and pavement. In this
paper, the author tries to introduce the basic principle of strength theory to explain the top-down
cracking in asphalt pavement structure, which means the top-down cracking should be explained
not only by the maximum tensile stress or the maximum shear stress, but also by the other principal
stress or the stresses combination.

2 STRENGTH THEORY

As an interdisciplinary field where the physicist, material scientist, earth scientist, and mechanical
and civil engineers interact in a closed loop, strength theory deals with yield and failure of materials
under complex stress state. It includes yield criteria and failure criteria, as well as multi axial fatigue
criteria, multi axial creep conditions and material models in computational mechanics and computer
codes. It is of great significance in theoretical research and engineering application, and is also very
important for the effective utilization of materials. Particularly for design purposes, it is important
that a reliable strength prediction be available for various combinations of multi axial stresses. In
the following chapters, the maximum tensile stress failure and maximum shear stress failure will
be re-introduced from perspective of strength theory.

2.1 Strength theory in 19th century

The maximum stress failure theory was the first strength theory relating to strength of materials
under complex stresses. It considers the maximum or minimum principal stress as the criterion
for strength. This criterion was assumed by such scientists as Lame (1795–1870) and Rankine
(1820–1872), and was extended with the well known textbook of Rankine’s, Manual of Applied
Mechanics. (7) Only one principal stress σ1 of the 3D stresses σ1, σ2, σ3 was taken into account.

The second strength theory was the maximum strain theory. Mariotte (1620–1684) made the
first statement on the maximum elongation criterion or maximum strain criterion (7). Sometimes,
it was called Saint-Venant’s criterion or the second strength theory in the Russian and Chinese
literature, and the maximum stress criterion was called the first strength theory.

Maximum strain theory was generally accepted, principally under the influence of such author-
ities as the two French academicians Poncelet (1788–1867) and Saint-Venant (1797–1886) (8). In
this theory it is assumed that a material begins to fail when the maximum strain equals the yield
point strain in simple tension.

After made a more complete study of the strength of materials, Mohr considered failure can be
yielding of the material or fracture. Mohr’s criterion may be considered as a generalized version of
the Tresca criterion (9). Both criteria were based on the assumption that the maximum shear stress
is the only decisive measure of impending failure. However, while the Tresca criterion assumed that
the critical value of the shear stress is a constant, Mohr’s failure criterion considered the limiting
shear stress in a plane to be a function of the stress in the same section at an element point. Mohr
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considered only the largest stress circle, named the principal circle, and suggested that such circles
should be constructed when experimenting for each stress condition in which failure occurs. The
strength of materials under a complex stress state can be determined by the corresponding limiting
principal circle.

2.2 Single-shear strength theory (SSS theory)

This series of strength theories considers the maximum shear stress τ13 and the influence of stress
σ1, σ3 acting on the same section. It can be written mathematically as:

or

2.2.1 Single-shear yield criterion (9)
The expression is:

It is the one-parameter criterion of the single-shear strength theory. This yield criterion is also
referred to as the maximum shear stress criterion or the third strength theory in Russian and in
Chinese.

2.2.2 Single-shear strength theory (Mohr-Coulomb 1900)
The expression is

It is a two-parameter criterion of the single-shear strength theory. It is the famous Mohr-Coulomb
theory and is also the most widely used strength theory in engineering. Mohr’s theory (Single-
shear strength theory) attracted great attention from engineers and physicists. The disadvantage
of the Mohr-Coulomb theory is that the intermediate principal stress σ2 is not taken into account.
Substantial departures from the prediction of the Mohr-Coulomb theory were observed by many
researchers.

2.2.3 Multi-parameter single-shear criteria
Multi-parameter Single-Shear criteria are nonlinear Mohr-Coulomb criteria used in rock mechanics
and rock engineering. Some forms are expressed as follows:

2.3 Octahedral-shear strength theory (OSS theory)

This series of strength theories considers the octahedral shear stress τ8 and the influence of the
octahedralstress σ8 acting upon the same section. It can be written mathematically as:

or
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2.3.1 Octahedral-shear stress yield criterion (von Mises yield criterion)
It is a one-parameter criterion of the OSS theory:

or

It is the widely used yield criterion for metallic materials with the same yield stress both in
tension and in compression. It is also referred to as the von Mises criterion (10), or octahedral
shear stress τ8 yield criterion by Ros and Eichinger as well as Nadai. Sometimes, it was referred to
as the J2 theory (second invariant of deviatoric stress tensor), shear strain energy theory (energy of
distortion), Maxwell, Huber, Hencky, equivalent stress criterion (effect stress or equivalent stress)
or mean root square shear stress theory. It was also referred as the mean square shear stress τm

averaged over all planes by Novozhilov, mean square of principal stress deviations by Paul, tri-
shear yield criterion by Shen (11), and the fourth strength theory in Russian, Chinese, etc. All the
expressions mentioned above are the same, because of:

2.3.2 Octahedral-shear failure criterion (Druker-Prager criterion)
It is the two-parameter criterion of the OSS (Octahedral shear strength) theory as follows:

This criterion is an extension of the von Mises criterion for pressure-dependent materials, and
called the Drucker-Prager criterion expressed by Drucker and Prager as a modification of the von
Mises yield criterion by adding a hydrostatic stress term σm or σ8. The Drucker-Prager criterion
was used widely in soil mechanics. The extended von Mises criterion, however, gives a very poor
approximation to the real failure conditions for rock, soil, and concrete.

2.4 Strength theories in top-down cracking analysis

As introduced above, the regular strength theories, which will be used in TDC analysis, are:
(1) maximum stress criterion (the first strength theory), (2) maximum strain criterion (Saint-
Venant’s criterion or the second Strength Theory), (3) maximum shear stress criterion (Tresca
criterion or the third strength theory), (4) Mohr-Coulomb theory, (5) nonlinear Mohr-Coulomb
criteria, (6) von Mises criterion (the fourth strength theory) and (7) Drucker-Prager criterion.

According the definition of each strength criterions, the comparison between Tresca criterion
and von Mises criterion in 2D space is illustrated in figure 1. And the comparison between Mohr-
Coulomb theory and Drucker-Prager criterion in 2D space is illustrated in figure 2.

Form figure 1, it can be concluded, that in the 2D space the von Mises criterion is more con-
servative than Tresca criterion, which mean for a same stress/strain state, if using the Von Mises
criterion found that the material is failure, then using the Tresca criterion this material is definitely
failure too. From figure 2, it can also be concluded that the Mohr-Coulomb is more conservative
than Drucker-Prager criterion. Therefore, in this paper, only the maximum stress criterion (the
first strength theory), maximum shear stress criterion (Tresca criterion or the third strength theory)
and the Mohr-Coulomb theory are selected to explain the top-down cracking in asphalt pavement
mechanical analysis.
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Figure 1. Comparison of Tresca criterion and von Mises criterion in 2D Space.

Figure 2. Comparison of Mohr-Coulomb and Drucker-Prager criterion in 2D Space.

In order to detailed explain the differences between those three strength theories, 4 different
stress states in 2D space, represented by A, B, C and D, are illustrated in σ − τ coordinate system in
figure 3 with three different strength theories, Mohr-Coulomb theory, TrescaTheory and Maximum
Tensile stress theory. For all stress states, they satisfied the conditions listed below mathematically:

For the maximum tensile stress of each stress states:

For the maximum shear stress for each stress states:

Equation (14) means that the maximum tensile stress in stress state D is the greatest than stress
states C, B and A.
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Figure 3. Different stress states and strength theories in σ − τ coordinate system.

Equations (15)∼(17) mean that the stress state A and D have same maximum shear stress, stress
state B and C have same maximum shear stress, but the maximum shear stress of B and D are
greater than the one of A and D.

If the stress circle of certain stress state is below the lines representing Mohr-Coulomb stress
theory, it means that at this stress state, the material won’t failure. If the parts of the circle is upward
the Mohr-Coulomb line, it means the material at this stress state will failure. For the Tresca theory,
it is the same thing. If part of stress circle is at right of line representing maximum tensile stress,
it means material at this stress state failure.

Depending on those description and illustration in figure 3, it can be found that: (1) When using
the maximum tensile stress theory, the C and D will failure; (2) When using the Tresca stress theory
(or the maximum shear stress theory), the B and C will failure; (3) When using the Mohr-Coulomb
strength theory, the A and B will failure. In one words, when selecting different strength theory,
there would be totally different failure results for certain stress state. Furthermore, for the complex
stress states in asphalt pavement under non-uniform-distributed tire-pavement contact pressure,
using strength theory for complex stress state can get the different analysis results to explain TDC.

3 MECHANICAL ANALYSIS OF ASPHALT PAVEMENT STRUCTURE UNDER
MEASURED TIRE-PAVEMENT CONTACT PRESSURE DISTRIBUTION

The traditional explanations about top-down cracking are (1) the high surface tensile strains at the
edge of the tire are the causation of TDC, or (2) the shear strains/stress on the vertical plane caused
the TDC. Compared with the regular strength theories, the first explanation about TDC, the high
tensile stress, is just as same as the maximum stress criterion and the second explanation about
TDC, the high shear stress/strain, is just the maximum shear stress criterion (Tresca criterion or the
third strength theory).

In strength theory, the maximum stress criterion and the Tresca criterion are all belong to the
one-parametric yield criterion. They only reflect the failure of materials in simple stress state. The
maximum stress criterion traditional described the failure of materials under the uniaxle tensile
stress, and theTresca criterion traditional described the materials under pure shear stress, The stress/
strain distributions for those two strength theories are totally different with the complex stress/strain
distributions for asphalt pavement under traffic loads.
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Figure 4. Static measured device for tire-pavement contact pressure.

Figure 5. The Loading model of measured tire in FEM analysis.

3.1 Tire-pavement contact pressure distribution

Many researchers have adopted various devices to measured the tire-pavement contact pressure
and have drawn several important conclusions. But those measurements are all carried out on the
rigid platform, which is much different from the flexible structure of asphalt pavement. In order
to measure the real tire-pavement contact pressure distribution, a static test device is developed by
Xiaodi Hu (2005) (12), as shown in figure 4. In this device a pressure sensor is embedded in the
asphalt mixture platform, which simulates the actual interaction between tire and pavement.

3.2 Mechanical analysis of asphalt pavement structure

In order to establish a more efficient loading model in FEM, the tire-pavement contact marks have to
be simplified, as shown in figure 5. Then employing the measured tire-pavement contact pressure
distribution, the mechanical analysis of typical asphalt pavement structure, which is commonly
used in China and is shown in table 1, can be performed.

3.3 Top-down cracking analysis

3.3.1 Maximum stress criterion
In this part the maximum stress criterion was employed to analysis the TDC in asphalt pavement
structure. And the σx max and σy max (maximum value of tensile stress at the direction of x axle
and y axle) at asphalt pavement surface are illustrated in figure 6.

It can be concluded from figure 6, that the maximum tensile stress on the pavement surface
does not locate under the tire-pavement contact area. And the maximal tensile stresses magnitude
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Table 1. Asphalt pavement structural coefficients and mechanical parameters.

Structural layer Thickness/mm Modulus/MPa Poisson’s ratio

Wearing course 40 1200 0.35
Binder course 50 1000 0.35
Asphalt stabilized course 60 700 0.35
Lime stabilized course 340 1500 0.20
Lime stabilized soil layer 180 550 0.20
Soil Base – 35 0.40

Figure 6. Contour map of maximum tensile stress at X axle and Y axle.
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at X direction and Y direction are very close. If the TDC is determined by the maximum stress
criterion and caused by the tensile stress on pavement surface, the crackings should be out of the
wheel path and shown as map cracks. But in fact the TDC are generally in the wheel path as parallel
cracks, therefore, the maximum stress criterion can not provide the reasonable explanation about
TDC.

3.3.2 Tresca criterion (maximum shear stress criterion)
In this part the Tresca criterion (Maximum shear stress criterion) was employed to analysis the
TDC in asphalt pavement structure.

The calculated maximum shear stress with depth is illustrated in figure 7.
Form figure 7, it can be concluded that the maximum shear stress does not occur on the pavement

surface but in certain depth. In figure 7, the maximum shear stress in asphalt pavement structure
is at 1.33 cm deep from pavement surface. The contour map of maximum shear stress at 1.33 cm
depth is shown in figure 8.

It can be found that the maximum shear stress area in asphalt pavement structure is under the
tire-pavement contact area. The maximum shear stress is in the wheel path as parallel, which is
in agreement with the Top-down crackings in direction. It can easily explain why the TDC always
are the single or parallel longitudinal cracks. While the maximum shear stress is not located on
the pavement surface, it can only be assumed that the TDC firstly initiate at certain depth below
the pavement surface, and then propagate to the surface. But until now there is no such cracking
samples have been reported or found. Therefore, the Tresca criterion still cannot perfectly explain
the TDC in asphalt pavement.

3.3.3 Mohr-Coulomb criterion
According to the Mohr-Coulomb theory, the yield surface can be express as:

Then the failure criterion could be expressed as:
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Figure 8. Contour map of maximum shear stress in horizontal plane at 1.33 m depth.

where: φ is the internal friction angle and c is the cohesive force, which can be determined by the
triaxial test for asphalt mixtures, commonly for HMA the φ is varying from 40◦ to 50◦ (13).

Without specific value about φ and c in this paper, it can be assumed that the maximum value
of F is the most dangerous position to have top-down cracking. Depending on the FEM analysis
results, the Contour maps of F values on the vertical plane are shown in the figure 9, while the
internal friction angle is 40◦ and 50◦.

Form figure 9, it can be concluded that employing the Mohr-Coulomb theory, the most dangerous
positions are on the asphalt pavement surface and located at the parallel edge of tires, which is
exactly similar with the position of TDC in asphalt pavement structure. At those most dangerous
positions, neither the shear stress nor the tensile stress are the maximum value in whole pavement
structure. Therefore, those positions are different with the dangerous position depending on the
maximum tensile stress or the Tresca criterion. Furthermore, it can be concluded that the top-down
cracking is caused by the combination of tensile stress and shear stress.

4 CONCLUSIONS

In this paper, the causes of top-down cracking in asphalt pavement structure are fully investigated
using the strength theories. Depending on the measured distribution of the contact pressure between
the real tire and pavement and 3D FEM, the stress/strain state of a typical asphalt pavement structural
are analyzed. Separately using the maximum stress criterion (the first strength theory), maximum
shear stress criterion (Tresca criterion or the third strength theory) and the Mohr-Coulomb theory
to find the most disadvantaged positions in whole asphalt pavement and compared with the in-site
top down crackings, it was found that:

1. The maximum stress criterion can not explain why the top-down crackings are single or parallel
longitudinal cracks;
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Figure 9. Contour maps of F values in Mohr-Coulomb criterion.

2. The Tresca criterion can not explain why the top-down crackings are initiate at the asphalt
pavement surface;

3. On the country, the Mohr-Coulomb theory can reasonable explain the position of TDC in asphalt
pavement structure;
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4. And it can be also proved that the most dangerous position have not maximum tensile stress or
the max shear stress in whole pavement structure, the TDC should be caused by the combination
of tensile stress and shear stress.
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ABSTRACT: Surface deformation or rutting is one of the most serious distresses affecting run-
way safety. Rutting can restrict the use of runway pavements and cause serious safety problems
when exceeds certain limits. Shear properties of asphalt concrete mixes are the most important
factor in determining rutting performance of asphalt mixes. The main objective of this paper is to
examine the relationships that may exist between shear properties of airfield mixes evaluated using
different test methods. Three different asphalt mixes were obtained from the field during the con-
struction of two taxiways at Ottawa International Airport. The experimental investigation included
the evaluation of shear properties of the selected airfield mixes using three different test methods;
torque machine, triaxial test, and direct shear test. The shear properties were also evaluated under
different temperatures. The results were analyzed and used to develop statistical models to predict
shear properties of asphalt mixes to with good.

1 INTRODUCTION

Rutting of flexible pavements is defined as “the permanent deformation noticed under the wheel
paths” (Sybilski 1994). Surface deformations of asphalt surfaces such as rutting have been observed
and reported since the late 1950’s. It was found that rutting of flexible pavements is a common
distress type (Deshpande & Cebon 2000, Nikolaides 2000). Flintsch et al. (2003) suggested that
water ponds on the road surface due to rutting could cause deficiency in frictional characteristics of
pavement surfaces. If a thin film of water covers the pavement surface, viscous hydroplaning occurs
(Moore 1975). In such a case, the channelization or depression caused by the effect of the wheels
can represent a serious problem. The Federal Aviation Administration concluded similar finding
where it was found that pavement structural failure, such as rutting or raveling, is a contributing
factor to airfield friction losses (FAA 1997). Therefore, an important key to improving the air
traffic operations and optimizing the use of runways is to reduce rutting of asphalt surfaces without
compromising the main mix properties.

Rutting susceptibility of asphalt concrete mixes are usually evaluated in the laboratories. There
are three main categories of laboratory tests to measure rutting susceptibility: the wheel track tests,
the uniaxial and triaxial tests and the diametrical tests (SHRP 1991). However, many researchers
tried to characterize rutting performance utilizing easier tests. Results of research performed as
a part of the SHRP project led to the conclusion that shear properties of asphalt concrete, is the
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most important factor in characterizing rutting performance (Weissman et al. 1998). If the asphalt
mixture has adequate shear strength, rutting will happen after a long time. On the other hand, if
the shear strength of asphalt mixture is low, rutting will take place within a short period of time
after construction (Nikolaides 2000). In general, increasing the shear strength of the mixture can
enhance the rutting resistance of asphalt mixes. The shear strength can be increased by choosing
an aggregate gradation that causes particle to particle contact or by using a stiffer binder. Shear
properties of asphalt mixes, in terms of shear strength and shear modulus, were usually evaluated
using the torque machine (Higdon et al. 1985). To simulate the field condition correctly, triaxial
test facility was found to be the best test to evaluate shear properties accurately. Because the
test is expensive, complex and time consuming, it was limited to research studies (Brown &
Cooper 1984).

This research aims to model the shear properties of airfield asphalt mixes evaluated using
different test methods. The experimental program was formulated to evaluate shear properties
for airfield asphalt mixes using the torque machine, triaxial test, and direct shear test. In the
analytical phase of this study, models concerning with shear properties were developed by relating
shear properties evaluated using different test methods. The developed models could be used to
evaluate the shear properties with confidence utilizing any available shear test facility.

2 EXPERIMENTAL PROGRAM

The experimental program tested three different airfield asphalt mixes for their shear properties.
The field mixes were obtained during the construction of two taxiways at Ottawa International
Airport (OIA). These Mixes were refereed to as Mix1, Mix2, and Mix3. Mix1 and Mix2 were
two different surface courses. However, Mix3 was a base course. The difference between Mix1
and Mix2 was that for Mix2 the limestone aggregates were replaced with dolomite aggregates to
enhance the frictional characteristics of the taxiway surface. Table 1 presents aggregate gradations
for the studied mixes. Asphalt content was 6% for Mix1 and Mix2 while it was 5% for Mix3. Before
performing any test, dimensions and densities were calculated for each core sample to check that
density is uniform for each mix under investigation. Different laboratory testing methods have been
developed and used by pavement designers and researchers to assess shear properties of asphalt
concrete mixes. However, the scope of this paper is limited to three testing methods as follows:
shear test using torque machine, triaxial test, and direct shear test.

2.1 Shear test using torque machine

The shear test using the torque machine was performed to determine the shear strength (SSQ). The
machine has two jaws to fasten the plates to which the specimen is glued. A scale to measure the
angle of twist and a dial gauge to record the maximum torque are attached to the machine.

The dial gauge capacity used in the shear test is 1100 Nm with a sensitivity of 2 Nm. The
specimens were first glued to the steel plates and left in room temperature for 24 hours to dry.
Specimens were fastened to the machine jaws using the arms of the steel plated. The dial gauge
was set to zero and the torque was applied at constant rate of 18 degrees twist angle per minute till

Table 1. Aggregate gradations for asphalt mixes under investigation.

Sieve size (mm) 26.5 19.0 16.0 13.2 9.5 4.75 2.36 1.18 0.60 0.15 0.075

Passing Mix1∗ 100 100 100 96.1 67.4 7.8 2.2 1.9 1.5 1.2 1.1
(%) Mix3 100 92.5 64.6 31.6 4.4 1.4 1.3 1.2 1.2 1.1 1.1

∗ For Mix2, HL-1 stone was replaced with dolomite stone.

358



the failure of specimen. The shear strength was calculated as (Bowes et al. 1990):

whereT = maximum torque (N.mm), J = polar moment of inertia (mm4) = π R4/2, and R = sample
radius (mm).

2.2 Triaxial test

The triaxial compression test is the most commonly used shear strength test for soils (Whitlow
1990). The test can be used to simulate field conditions accurately for asphalt mixes. The appa-
ratus consists of a 4500 kN rock mechanics test system. The system includes load unit control
pod and TestStar II digital controller, cascade temperature controller, temperature display, 4500 kN
actuator/load frame, and a triaxial chamber. The triaxial chamber has a 2500 kN load cell, three
linear variable differential transducers (LVDT), and three circumferential extensometers for load
and strain measurements. The system as hole is fully computerized and strain/displacement mea-
surements can be monitored via two strain indicators attached to the system (NRC 2001). The
test is carried out by applying different confining pressures (usually three) and increasing the nor-
mal load till failure. Then, Mohor circle for each peak stress is plotted. A common tangent to
failure circles is then drawn. This tangent represents the failure envelope from which the coef-
ficient of cohesion (C) and angle of internal friction (φ) can be determined (Whitlow 1990).
Using the shear strength parameters, the shear stress (τ) could be determined for a given normal
stress (σn) as:

The sides of test specimen were encapsulated using heat shrink polyolefin tubing. Then the
specimen was sealed by wire wrapping around the polyolefin. Test specimen was placed and
centered on the test system load cell and the circumferential extensometer was installed around it
at mid height. All LVDT signals were set to zero and the triaxial chamber was closed. Confining
pressure was applied by filling the triaxial chamber with a confining fluid. The vertical load was
applied till failure of the sample (NRC 2001).

2.3 Direct shear test

The direct shear test facility consists of shear testing machine that has the capability to apply vertical
and shear loads on the test specimens. Personal computer and data acquisition system are attached
to the machine for data control and collection. Samples are locked in a drill core vise to position
the samples before being tested. Load and displacement are measured and recorded by means of
load cell and two LVDT. The test is carried out by applying a normal load to the sample and then
shearing it with a constant rate till failure. Test procedure is usually repeated for five specimens.
The values of normal stresses are plotted versus shear stress values. The line which best fits the
plotted stresses is the shear envelope from which C and φ can be calculated (Whitlow 1990). First
the sample was weighed and placed in the top plate mould. A hydrostone grout was prepared by
mixing the hydrostone with water with ratio of 4:1. The grout was poured into the top plate mould
and left for one hour to be dried. Then the top plate mould was lowered into position on the direct
shear testing machine. Grout was then poured into the bottom plate mould to immerse the lower
half of the test specimen. The sample was left for an hour to allow grout to dry and then it was tested
for its shear properties. Figure 1 shows the three test methods used in this research to evaluate shear
properties of different asphalt mixes.
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Figure 1. Torque testing machine, triaxial test facility, and direct shear test facility.

Table 2. Shear strength test results for field mixes.

Mix Temp. (◦C) SSQ (MPa)

1 1.2846
2 25 0.7481
3 0.8385
1 0.8679
2 35 0.5631
3 0.7349
1 0.5095
2 45 0.4442
3 0.5029

Figure 2. Change of shear strength with temperature, all mixes.

3 EXPERIMENTAL RESULTS

3.1 Shear test results using torque machine

Five core specimens from each mix were prepared, using the Marshall compactor, and tested to
evaluate their shear strength using the torque machine. The test was performed at room temperature,
35◦C, and 45◦C to figure out the effect of temperature on shear properties of the candidate mixes.
The test outputs were recorded in torque (T) at failure. Shear strength (SS) was calculated according
to Equation 1. The summary of shear test results for all field mixes is shown in Table 2. Based
on their mean SSQ values, Mix1 yielded the highest SSQ followed by Mix3 while Mix2 built of
dolomite stones resulted in the lowest. This finding was valid for the selected range of temperature
of 25◦C to 45◦C. Figure 2 shows the variation of shear strength with temperature for all mixes.
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Table 3. Triaxial test results for field mixes.

Mix Temp(◦C) No. σ3 (MPa) σ1 (MPa) C (MPa) φ(◦)

1 0.3447 8.6845
25 2 0.6895 11.1473 1.5143 45

3 2.7579 22.3081
4 0.3447 7.3514

1 35 5 0.6895 9.0649 1.2064 44
6 2.7579 20.5115
7 0.3447 5.6522

45 8 0.6895 8.6601 0.8369 45
9 2.7579 19.5430

10 0.3447 7.9095
2 25 11 0.6895 10.4888 1.2837 44

12 2.7579 21.2364
13 0.3447 8.7123

3 25 14 0.6895 10.9066 1.3960 44
15 2.7579 21.7210

For Mix1, the mean SSQ was 1.2846 MPa at room temperature. This value decreased to 0.8679
when test was performed at 35◦C with percentage decrease of 32.44%.

At 45◦C, the mean SSQ was 0.5095 MPa with percentage decrease of 60.34% compared to
Mean SSQ value evaluated at room temperature. Same trend was noticed for Mix2 where mean
SSQ values were 0.7481 MPa, 0.5631 MPa and 0.4442 MPa at room temperature, 35◦C and, 45◦C
respectively. Compared to Mix1, Mix2 yielded lower mean SSQ values. The percentage decreases
were 41.76%, 35.12%, and 12.82% at room temperature, 35◦C and 45◦C. For Mix3, the mean SSQ
value was 0.8385 MPa at room temperature. This value decreased to 0.7349 MPa and 0.5029 MPa
as the temperature was increased to 35◦C and 45◦C respectively.

Generally, SSQ decreased as the temperature increased. Linear models were found to represent
these relationships well as indicated by the R2 values of 0.9981, 0.9845, and 0.9535 for Mix1,
Mix2, and Mix3, respectively. Although Mix1 yielded higher mean SSQ values compared to Mix2,
Figure 2 shows that the degradation in SSQ values at higher temperatures is more rapidly for Mix1.
This finding can be clearly noticed by comparing the slopes for the two linear models representing
Mix1 and Mix2. In other words, Mix1 may yield lower SSQ values at higher in-service pavement
temperature. By solving the two equations for Mix1 and Mix2, this temperature is expected to be
48◦C. Beyond this degree, Mix1 is expected to yield lower SSQ values compared to Mix2.

3.2 Triaxial test results

For each mix, a set of three core specimens was tested using the triaxial machine at room temper-
ature. The test was performed by applying a pre-load of 150 lb to hold the sample in its position.
Confining pressure (σ3) of 0.3447 MPa (50 psi) was applied to the sample with a loading rate of
0.4137 MPa/min. (60 psi/min.) the loads were held for thirty minutes and then the vertical stress
was increased gradually with a rate of 0.1 in/min till failure occurred. The maximum vertical stress
at failure (σ1) was recorded and the test was repeated using confining pressures of 0.6895 MPa and
2.7579 MPa (100 psi and 400 psi). Mohr circles were plotted and the shear strength parameters (C
and φ) were obtained by drawing the shear envelope as the common tangent for the three circles.
The intercept of shear envelope with y-axis determined the coefficient of cohesion (C) while the
slope represented the angle of internal friction (φ).

To evaluate the sensitivity of triaxial test to temperature variation, two sets of mix1 were tested
for their shear parameters at 35◦C and 45◦C. Table 3 summarizes the triaxial test results for all
mixes under investigation. The table shows that φ is almost the same for all mixes. The differences
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Table 4. Calculated SSQ based on shear stress parameters from triaxial test.

Mix Temp. (◦C) σ n (MPa) τ(MPa)

0.6895 2.2038
25 1.0342 2.5485

1.3790 2.8932
0.6895 1.8723

1 35 1.0342 2.2052
1.3790 2.5381
0.6895 1.5264

45 1.0342 1.8711
1.3790 2.2158
0.6895 1.9496

2 25 1.0342 2.2825
1.3790 2.6154
0.6895 2.0619

3 25 1.0342 2.3948
1.3790 2.7277

Figure 3. Effect of temperature on shear stresses evaluated by triaxial test, Mix1.

in shear properties were caused by the change in C values. The triaxial test ranked the field
mixes in the same order like that obtained by the torque machine. Mix1 resulted in higher shear
parameters, in fact C, then Mix3 and finally Mix2. For Mix1, the change of temperature caused the
cohesion coefficient C to decrease while φ was almost constant. Cohesion value was 1.5143 MPa
(219.63 psi) at room temperature, while it decreased to 1.2064 MPa and 0.8369 MPa (174.98 psi
and 121.38 psi) as temperature was increased to 35◦C and 45◦C, respectively. Using the shear
strength parameters presented in Table 3, shear stresses were calculated at three different normal
stress levels of 0.6895 MPa, 1.0342 MPa, and 1.3790 MPa (100 psi, 150 psi and 200 psi). Table 4
presents the shear stresses (MPa) calculated using Equation 2. The effect of temperature on shear
stress evaluated using the triaxial test is shown in Figure 3. The figure shows that the variation
of τ at different σn levels could be perfectly represented by linear models (for Mix1). In other
words, the triaxial test was very sensitive to temperature changes. Reviewing the slopes of linear
relationships between τ and temperature, one can see that the variation of τ with temperature was
constant and independent of σn.

3.3 Direct shear test results

The test was performed at room temperature for all mixes. In addition, for Mix1 only the test was
conducted at two higher temperatures (35◦C, 45◦C).Three different vertical stresses of 0.6895 MPa,
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Table 5. Direct shear test results for field mixes.

Mix Temp. (◦C) No. σn (MPa) τ (MPa) C (MPa) φ(◦)

1 0.6895 1.4183
25 2 1.0342 1.7503 0.8425 40.5

3 1.3790 2.0068
4 0.6895 0.9763

1 35 5 1.0342 1.2413 0.2180 46.5
6 1.3790 1.7019
7 0.6895 0.9491

45 8 1.0342 1.2698 0.3599 40.9
9 1.3790 1.5458

10 0.6895 1.2720
2 25 11 1.0342 1.3984 0.4007 48.6

12 1.3790 2.0550
13 0.6895 1.3577

3 25 14 1.0342 1.5199 0.8104 36.8
15 1.3790 1.8731

1.0342 MPa, and 1.3790 MPa were used to determine the shear envelope. First the vertical stress
was applied with a loading rate of 0.4137 MPa/min. the stress was held for half an hour and then
the shear load was applied with a rate of 1 in/min till failure.

The maximum shear stress at failure (τ) was calculated as the maximum shear load at failure
divided by the cross sectional area of core sample. Shear stresses were plotted versus normal
stresses and the shear envelope was obtained. The test results are shown in Table 5. For most cases
the direct shear test ranked the mixes in the same order as that obtained using the torque machine
and triaxial test facility. Mix1 resulted in higher shear properties followed by Mix3 and then Mix2.
The only exception was that Mix2 yielded higher shear stress for σn of 1.3790 MPa.

For Mix1, the shear stresses decreased for most cases as temperature was increased. However, at
35◦C and σn = 1.0342 MPa, the shear stress of 1.2413 MPa was lower than that resulted at 45◦C.
Reviewing the shear strength parameters of Mix1, at 25◦C the cohesion coefficient was 0.8425 MPa
and φ was 40.5◦ . As the temperature was increased to 45◦C, the cohesion coefficient decreased to
0.3599 MPa while the value of φ was approximately constant (40.9◦). From these values and the fact
that asphalt binders are temperature-dependent, one can expect that when temperature increased,
the cohesion would decrease and there was no reason for φ to be changed significantly. As a result,
it was expected that at 35◦C, the value of C would be between 0.8425 MPa and 0.3599 MPa. At the
same time it was anticipated that φ would range around 40◦ to 41◦ . The investigation of results
presented in Table 5 suggested that the recorded shear stress value of 1.2413 MPa was not an
accurate one.

Similar suggestion can be considered for shear stress of Mix2 at σn of 1.3790 MPa. The φ value
of Mix2 was determined to be 48.6◦ . As the aggregate gradation of Mix2 was similar to that of
Mix1, it was expected that φ would be very close to 40.5◦ (φ of Mix1). This may lead to a conclusion
that the τ value of 2.0550 MPa was too high.

4 MODEL DEVELOPMENT

Shear strength of asphalt surfaces is an important component that indicates the potential for rutting.
While the shear properties of soil are well known, to date the shear properties of asphalt mixtures
have not been accurately measured. The shear properties were evaluated in this research using three
different methods. Torque machine, direct shear test facility and triaxial test facilities successfully
ranked the airfield mixes in similar orders. As was mentioned before in the direct shear test, shear
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stresses were determined at normal stresses of 0.6895 MPa, 1.0342 MPa and 1.3790 MPa. To relate
shear properties evaluated using different method, shear stresses were calculated using the shear
envelopes determined by the triaxial test at the above mentioned normal stresses.

4.1 Shear properties evaluated by triaxial test and direct shear test

The data shown in Tables 4–5 were analyzed using the SPSS software to develop a mathematical
model relating the two tests to each other. Independent variable included shear stress evaluated
by direct shear test (SSD), test temperature (T), and mix type (M). Normal stress (NS) was
excluded as an independent variable as the values of SSD were determined based on the val-
ues of NS. First, the analysis was performed considering all independent variable and it was found
that T and M were not. Then the stepwise analysis was performed and the following model was
developed:

where SST, SSD = shear stress evaluated by triaxial test and direct shear test (MPa).
The model of Equation 3 shows that triaxial test yielded higher shear stress values compared

to the direct shear test. In addition the relationship between shear properties evaluated by tri-
axial test and those evaluated by direct shear test did not depend on either mix type nor test
temperature.

4.2 Shear properties evaluated by triaxial test and torque machine

Data introduced in Tables 2, 4 were used to develop a model relating SST to SSQ evaluated by the
torque machine. The dependent variable was SST while the independent variables were SSQ, NS, T
and M. Data were analyzed again by performing the stepwise analysis and mix type was excluded
as it caused R2 to increase by 0.004 only. The new model was developed as:

where SST = shear stress evaluated by triaxial test (MPa), SSQ = shear strength evaluated by torque
machine (MPa), T = test temperature (◦C), NS = normal stress (MPa), M = mix type (M = 0 for
Mix1, M = 1.0 for Mix2, and M = 2.0 for Mix3).

5 CONCLUSIONS

Based on the results of this study, the following conclusions can be made:

– Using dolomite stone aggregates instead of limestone aggregates did not enhance the shear prop-
erties of asphalt mixes. This conclusion stresses the important role of laboratory mix evaluation
prior to construction.

– Models relating shear properties evaluated by different test methods were developed. These
models could be used to evaluate shear properties confidently using any available shear test
facility.

– The developed model shows that triaxial test yielded higher shear stress values compared to the
direct shear test.

– The relationship between the shear properties evaluated by triaxial test and those evaluated by
direct shear test did not depend on either mix type nor test temperature.

– Although there were very good relationships between SST and SSD, and between SST and SSQ,
no such relationship was found between SSD and SSQ.
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ABSTRACT: Low temperature cracking remains one of the major pavement distresses in asphalt
concrete pavements in cold regions. An integrated laboratory testing, field performance data, and
numerical simulation approach was used to study thermal cracking as part of a US National Pooled
Fund Study on Low-Temperature Cracking. This paper focuses on testing, analysis, and field data
from five controlled test sections at the Minnesota Road Research Program facility (MnROAD).

Low temperature viscoelastic relaxation modulus master curves and tensile strength were
obtained from indirect tension testing conducted at three temperatures. Fracture energy of field
samples were obtained using the disc-shaped compact tension (DC[T]) test. Temperature-dependent
thermal coefficient data was collected by one of the research partners (the University of Wisconsin)
for each of the five field mixtures.

A bi-linear cohesive zone model was used in the simulation of thermal cracking in five MnROAD
pavement sections. Four custom-designed user subroutines were employed in the commercial
finite element program ABAQUS, including: a bi-linear cohesive zone fracture model, a tem-
perature shift factor routine, a time- and depth-dependent temperature profile algorithm, and a
bi-linear thermal coefficient routine. The temperature boundary conditions were generated using
the Enhanced Integrated Climatic Model (EICM) available in the AASHTO Mechanistic-Empirical
Pavement Design Guide (MEPDG) using air temperatures obtained from National Weather Ser-
vice databases. Detailed field performance crack maps were used to compare actual field cracking
against numerical simulation results. This paper describes how this comprehensive, integrated test-
ing and modeling program provided new insights towards the mechanisms of thermal cracking in
asphalt pavements.

1 INTRODUCTION

The low temperature cracking of asphalt concrete pavements is a major pavement distress mech-
anism in cold regions costing millions of dollars in rehabilitation costs to various agencies. The
Strategic Highway Research Program (SHRP) conducted during mid-1990s led to development of
thermal cracking prediction software TCModel (Roque et al. [1995]). In recent years sophisticated
laboratory tests such as disk-shaped compact tension test (DC[T]) and single edge notch beam
(SE[B]) developed by Wagoner et al. [2005a, 2005b] and semi-circular bend test (SC[B]) explored
by Molenaar et al. [2002], Li et al. [2006], and Artamendi et al. [2007], have been developed with
capability for rigorous fracture characterization of asphalt mixtures. Powerful fracture modeling
tools, such as the cohesive zone fracture approach, have increased analysis capabilities through
energy based formulations which accurately capture softening (damage) and fracture in quasi-
brittle materials such as asphalt concrete. The present study illustrates the integration of recently
developed laboratory techniques with computer simulation models utilizing cutting-edge fracture
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modeling capabilities for the prediction of thermal cracking in asphalt concrete pavements. This
work was conducted as part of US National Pooled Fund Study on Low-Temperature Cracking.

2 INTEGRATED APPROACH

This paper describes a highly integrated laboratory testing and computer simulation approach that
was employed in studying thermal cracking which developed at several pavement sections at the
Minnesota Road Research facility (MnROAD). Laboratory bulk and fracture characterization of
asphalt concrete specimens fabricated from field samples was performed, including:

• Creep compliance/relaxation modulus master-curve using the 1000 second Indirect Tension Test
configuration (AASHTO T-332) and time-temperature superposition at three temperatures

• Fracture energy from the Single-Edge Notch Beam, the Semi-Circular Bend, and the Disk-
Shaped Compact (ASTM D7313-06) fracture tests

• Tensile strength from indirect tension testing (AASHTO T-332)
• Coefficient of thermal expansion

Multiple properties are required in order to accurately simulate pavement responses and distress
development, such as thermal cracking. At the same time, practical considerations of pavement
sampling and laboratory testing expense and rigor must be considered in the development of a
useful testing and modeling system. A detailed analysis of these tests is beyond the scope of this
paper, but can be found in the final project report (Marasteanu et al. [2007]). This work will outline
the overall conclusions and findings from the report.

Pavement simulation models were generated using properties obtained from these tests, along
with published information on the thickness and mechanical properties of underlying granular and
subgrade materials. The temperature boundary conditions for simulation models were generated
using the enhanced integrated climatic model, which utilizes climatic information such as air
temperature, percent sunshine, latitude, elevation, etc. Additional details concerning laboratory
tests and simulation modeling performed are provided in a later section.

The Pooled Fund low temperature cracking study involved the investigation of twelve existing
pavement sections, some from the sponsor state, Minnesota (featuring a number of MnROAD)
sections, along with sections from other participating states. In this paper, five of the pavement
sections from that study are presented to illustrate the integrated testing and simulation approach.
Five MnROAD test cells are studied in this paper; namely sections 03, 19, 33, 34, and 35. The
pavement layer types (asphalt binder grades, granular base types) and thicknesses for these sections
are as illustrated in Figure 2.1.

In order to capture a wide range of properties, three testing temperatures were chosen to encom-
pass the transition from brittle-ductile behavior to brittle behavior. The three temperatures were each
12◦C apart, with the middle testing temperature 10◦C higher than the low-temperature PG binder
grade. This also ensured that asphalt binder and mixture properties were available at one common
temperature. Table 2.1 shows the testing temperature used for each mixture. Figure 2.2 presents the
creep compliance master curves obtained. There is little difference between Cells 03, 19, 34, and
35, especially at shorter times (also the lower temperatures). Cell 33 appears to have significantly
higher compliance at longer loading times, suggesting a more relaxant mixture. This is rather unex-
pected as it does not have the softest binder (Cell 35 has the softest binder). However, the binder
stiffness could be negated based on the testing temperatures relating to the asphalt binder grade.

In addition to creep compliance in the Indirect Tension Test setup, the tensile strength was
measured for all five mixtures. Figure 2.3 shows the results of the tensile strength testing. For low
temperature testing, it is not uncommon to observe a maximum tensile strength at the intermediate
testing temperature selected. This is because although tensile strength in hot-mix asphalt generally
increases as temperature is lowered, eventually a point is reached where the brittleness of the binder
evidently reduces the tensile strength of the overall composite, possibly aided by the relatively fast
testing rate used in the IDT (a loading head velocity of 12.5 mm/minute is used).
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Asphalt Concrete  AC20     198.1-mm Asphalt Concrete    AC120/150 160-mm

Subgrade

Granular Base    Class 5 Sp.    101.6-mm 

Granular Base Class 3 Sp.   838.2-mm
Subgrade 

Granular Base      Class 3 Sp.    711.2-mm

MnRoad Section 03 MnRoad Section 19

Asphalt Concrete  PG58-XX   103-mm

Subgrade

Granular Base     Class 6 Sp.  305-mm 

MnRoad Sections 33, 34, and 35

AC Binder Grades: 
Section 33: PG58-28
Section 34: PG58-34
Section 35: PG58-40

Figure 2.1. Pavement sections studied in this paper.

Table 2.1. Testing temperatures for five mixtures.

Testing temperatures (◦C)

PG binder grade High Mid Low

MnROAD 03 PG58-28 (120/150) −6 −18 −30
MnROAD 19 PG58-34 (AC-20) −12 −24 −36
MnROAD 33 PG58-28 −6 −18 −30
MnROAD 34 PG58-34 −12 −24 −36
MnROAD 35 PG58-40 −18 −30 −42
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Figure 2.2. Creep compliance mastercurves at reference temperature of −30◦C.

Finally, the fracture energy was measured for all five mixtures using the Semi-Circular Bend
(SC[B]), the Disk-Shaped Compact Tension (DC[T]), and the Single-Edge Notch Beam (SE[B]).
Figures 2.4 show the results at the three testing temperatures selected.

The tests are dissimilar, possess different configurations, and exhibit size effects, which are
beyond the scope of this work. While the tests provided similar rankings between mixtures, there
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Figure 2.3. Tensile strength summary.

Figure 2.4. Fracture energy results.

were some differences in fracture energy values between the three tests. Given different test geome-
tries used, the different modes of failure, and the different loading rates for each test, the differences
were not unexpected. A detailed investigation of these differences can be found in Li et al., 2008.
For the numerical simulations presented hereafter, the fracture energy from the DC[T] was used.

3 PAVEMENT SIMULATION MODEL

Numerical simulations were performed using the finite-element (FE) analysis technique with the
aid of the commercially available software program ABAQUS. The program was customized by
developing and implementing several user-subroutine codes to enable fracture tools to be employed
in the simulation of low temperature pavement cracking. The following section is divided into
subsections describing various aspects of the simulation model.
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Figure 3.1. Finite element pavement model.

3.1 Finite element model domain and boundaries

The simulations in this study were performed by simplifying the pavement sections under inves-
tigation into two-dimensional FE models created along a slice taken in the longitudinal direction
(direction of traffic movement). Model boundaries were selected on the basis of previous work by
Dave et al. [2007], to ensure that sufficient domain extent was provided to avoid end effects. The
FE model was generated using a domain length of 12192-mm (40-ft). The subgrade thickness was
selected as 6096-mm (20-ft), beyond which the subgrade was modeled as a semi-infinite boundary
by use of special infinite elements to create an infinite half space. Figure 3.1(a) shows a typical mesh
used in this study. The FE models for low-temperature cracking simulations were constructed using
graded meshes, which are used to significantly reduce the computational requirements. Graded
meshes typically have a finer element size close to the areas of high stress variations and potential
non-linearity, whereas in the regions of low stress gradients, larger elements are used.
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Figure 3.1(b) shows an area in the vicinity of potential crack path. Details of the region where
cohesive zone fracture elements are embedded into the mesh to allow for cracking are provided. The
mesh in close vicinity to a potential thermal cracking region is constructed with smaller elements
(∼2 mm). Also notice that frictional interfaces between various pavement layers are provided,
as indicated in this figure. Multiple, interacting cracks, although possible to simulate with this
approach, are not presented herein for brevity. Due to two-dimensional simulation schemes, each
crack represents a transverse crack through the width of pavement. The interface between asphalt
concrete and granular base and granular base and soil subgrade is especially important because
of the potential for relative movement between these layers. In the current project these interfaces
were modeled using a small-sliding frictional interface model available in ABAQUS. This model
allows for a frictional sliding of the asphalt concrete due to thermal expansion/contraction.

3.2 Bulk material constitutive models

An appropriate bulk material constitutive model is crucial to the accurate simulation of material
behavior in the FE modeling technique. Asphalt concrete material is known to have time and tem-
perature dependent behavior across most of the in-service temperature range. Creep tests on asphalt
concrete materials have shown linear viscoelastic behavior at low and moderate temperatures. For
the numerical simulations, asphalt concrete was modeled using the generalized Maxwell model.
The model parameters were determined using the creep compliance data presented in the labora-
tory testing section. To capture temperature dependent asphalt concrete properties, a customized
user-subroutine in ABAQUS was developed using the time-temperature superposition principle.
The thermal coefficient of asphalt concrete material was modeled by means of a user subroutine
in the form of a nonlinear relationship on the basis of experimental findings. More details on the
experimental study of coefficient of thermal expansion are described in the final report of the LTC
project [2007]. Granular bases and subgrade materials were modeled using a linear elastic material
model. Typical values for elastic modulus and Poisson’s ratio of granular base and subgrade were
determined based on the information obtained from section profiles and details available through
reports published by the Minnesota Road Research Program [2000]. In the case of field section
simulations, the use of an elastic model for the granular base and subgrade was deemed adequate
due to the relatively low stress levels in the base and subgrade layers, and the relative predominance
of thermal stresses relative to traffic induced stresses for the thermal cracking problem.

3.3 Intrinsic cohesive zone fracture model: bi-linear shape

For simulation of crack initiation and propagation, a cohesive zone model was selected because of
its accuracy and efficiency in accounting for material response ahead of the crack tip in the nonlinear
fracture process zone (region of micro-cracking, crack pining, branching, material softening, etc.).
Wagoner et al. [2006a, 2006b], Li et al. [2006] and other researchers conducting fracture tests of
asphalt concrete at low temperatures recognized the influence of the fracture process zone. Among
others, Soares et al. [2004], de Souza et al. [2004], Song et al. [2006], Baek andAl-Qadi [2006], and
Dave et al. [2007] have applied the cohesive zone model to simulate cracking in asphalt concrete.

The cohesive zone approach readily utilizes experimentally determined fracture energy. In the
cohesive fracture approach, the material begins to incur damage (softening) once the stresses exceed
the limit stress of material, which in this case is assumed to be the tensile strength. Beyond this peak,
the material undergoes a stage of softening (damage) whereby its capacity to transfer load across the
potential crack continuously decreases. Once the material dissipates the energy equivalent to its frac-
ture energy, a macro-crack is developed. The region between the point of damage initiation and point
of complete failure is often called the fracture process zone. Figure 3.2(a) illustrates the process
zone, modeled herein as the region between the cohesive crack tip (where the traction is at a maxi-
mum and equivalent to material’s tensile strength, (σt) and the material crack tip (where the traction
is zero). Figure 3.2(b) shows a schematic illustration of the fracture process zone or cohesive zone
(hashed region) with traction forces along the potential crack faces illustrated by a series of arrows.
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Figure 3.2. Schematic showing of fracture behavior near crack tip and the fracture process zone.

A bilinear model implementation developed by Song et al. [2006] is used in this study. This
model allows for minimizing artificially-induced compliance by adjusting the initial slope of the
cohesive law. The material parameters used in the cohesive fracture model are: material strength
(σt) and fracture energy (Gf ). These properties for each of the mixtures studied in this project
were measured through laboratory testing and are described in the previous section. The bi-linear
cohesive zone model was implemented in the commercial finite-element software ABAQUS in the
form of a user subroutine.

3.4 Loading conditions

Pavements undergo relatively complicated loading conditions during the course of their service life.
Two major load categories imposed on pavements during its course of service include temperature
and tire loads. Thermal loads on the pavement structure are transient and depend on factors including
air temperature, sunshine, precipitation, etc. The thermal loads for various pavement sections were
evaluated using the Enhanced Integrated Climatic Model (EICM) originally proposed by Larson
and Dempsey et al. [1999]. The EICM was used to generate the pavement temperature profiles as
functions of depth and time. The temperature loads were applied to the model in terms of transient
temperature values for each node in the mesh. A user-subroutine was developed to automatically
evaluate the nodal temperatures values based on the node location and time in the simulation. A lim-
ited number of two-dimensional (2D) simulations were performed with tire loads simultaneously
applied to the pavement. It is acknowledged that 2D simulation cannot accurately represent the tire
load because of the lack of discretization across the width of the pavement. In the current set of sim-
ulations a single 40-KN (9-kip) tire load was modeled in the form of a uniformly loaded strip across
the pavement width to evaluate relative trends in thermo mechanical response between test sections.

3.5 Critical conditions approach

By analyzing ambient and pavement temperature profiles throughout the lives of the test sections,
the coolest pavement temperatures reached were identified. This approach represents a critical con-
dition. In certain simulation cases, additional critical conditions were identified where the highest
rates of pavement cooling occurred (in combination with very low temperatures, but perhaps not
the coldest absolute temperature reached). The rationale for examining selected critical conditions
revolving around low temperature events was as a result of following considerations:

• In general, experimental fracture energies dropped significantly at low temperatures
• The ability of the asphalt concrete to relax stress is greatly reduced at low temperatures
• Most cracking in the field sections was measured to have occurred over the winter months
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Figure 4.1. Opening displacement plots showing thermal cracking in sections 03 and 19 due to single event
cooling.

• The critical conditions approach leads to the most practical simulation times and computational
costs when using the FE technique, where model non-linearities (frictional contact interface)
and time-dependent material properties are employed. Both of these necessitate an iterative type
numerical solution scheme (solver) to be used. Typical simulation times ranged from 1 to 3-hours
(not including pre- and post-processing and extracting results) on a workstation PC.

4 SIMULATON RESULTS

The MnROAD sections 03 and 19 are within the high volume traffic sections of MnROAD, located
on the mainline of Interstate 94 near St. Cloud, MN and constructed in September 1992 and July
1993 respectively. Sections 33, 34 and 35 are within the low traffic volume test loop, and were
constructed in August 1999. Sections 03 and 19 experienced a critical cooling event during 1st–2nd
February, 1996. During this event the air temperature cooled to −39.7◦C. The pavement surface
temperature was predicted to reach a minimum of −33.8◦C. The simulation results for thermal
loading of sections 03 and 19 are presented in the form of cohesive zone displacement plots, as
shown in Figure 4.1. The plot shows the opening displacement for the cohesive elements through
the thickness of asphalt concrete layer. The simulation results are plotted with a solid line. The
dashed line shows the displacement threshold which can be viewed as the onset of macro cracking.
The plots show that for both section 03 and 19 the cohesive displacements are greater than the
threshold, indicating that cracking occurred in the pavement due to thermal loading during the
aforementioned cooling event. Thus, the FE-based thermal cracking model predicted cracking
which occurred during this critical event at MnROAD. Explicit consideration for crack spacing
was not pursued with the FE model in the current study. Furthermore, closed form solutions for
thermal crack spacing, which were developed in earlier stages of the LTC project, would suggest
that a close crack spacing would result from this degree of ‘overstress’ (Yin et al., [2007]).

For sections 33, 34, and 35 the critical coolest event occurred during 30th–31st of January,
2004. During the coolest event, the lowest air temperature reached −31.1◦C. The pavement surface
temperature was predicted to reach a minimum of −26.2◦C. The simulations for this set of sections
were performed for thermal loading as well as combined thermo-mechanical loading. For these
simulations, a single 40-kN tire load was applied at the coolest pavement surface temperature to
study relative thermo-mechanical responses. Sections 33, 34, and 35 showed very limited pavement
damage under thermal loading. Under combined thermo-mechanical loading, the sections under-
went significant softening (damage). Table 4.1 summarizes the simulation results for sections 33,
34, and 35. For example, under thermo-mechanical loading the simulations for section 33 predicted
that a region extending 54-mm from the bottom of the layer (about half of the 103-mm thickness)
would be damaged (softened). Interestingly, the section with the softest binder (section 35, with PG
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Table 4.1. Extent of softening in sections 33, 34, and 35 under thermo-
mechanical loading.

Section (Asphalt Grade) Length of softened region (mm)

Section 33 (PG58-28) 54-mm from bottom
Section 34 (PG58-34) 24-mm from bottom
Section 35 (PG58-40) 63-mm from bottom

Table 5.1. Amount of cracking in selected MnROAD field sections.

Section 03 19 33 34 35

Observed Cracking (m/100 m) 36.4 109.4 18.2 1.2 149.4

58-40 binder) actually incurred the most cracking in the field. The pattern was that of short, trans-
verse cracks, rather than traditional full-width, full-depth thermal cracks. The simulation model,
which accounts for thermo-mechanical loading as well as creep and fracture material properties,
did in fact predict the largest extent of bottom-up damage to occur in section 35, which had the
largest pavement deflections.

5 DISCUSSION OF SIMULATION RESULTS AND FIELD PERFORMANCE

Table 5.1 shows the pavement cracking data for the five sections, based on field surveys performed
in 2006. The data is presented in the form of amount of cracking per 100-m of pavement.

By comparing simulation results with amount of cracking observed in the field, the following
observations can be made:

• Simulation results indicate that sections 03 and 19 are susceptible to low temperature thermal
cracking during the coolest single event (24-hour) thermal cycle during the Winter of 1995-96.
The field observations also indicated significant cracking in both sections.

• Simulations indicate that section 19 has higher thermal cracking potential compared to section
03. The higher thermal cracking potential of section 19 is attributed to an inferior asphalt binder
grade for the mixture. Asphalt concrete fracture properties for section 19 are inferior to those
of section 03, and the viscoelastic properties indicate that the mixture is less compliant. This
prediction agreed with the field observations.

• Simulations of sections 33, 34 and 35 show very limited potential for thermal cracking under
the critical cooling event that occurred during the Winter of 2003–04.

• Thermo-mechanical simulations for sections 33, 34 and 35 during the coolest event show that
section 35 has the highest amount of potential for damage (softening), followed by section 33,
and then section 34. This ranking follows the same order as the cracking observed in the field.

• The prediction of higher extent of softening in section 35 is due to highly compliant asphalt
mixture (PG58-40), which causes excessive deformation under the tire load. At the same time,
the fracture properties for this mixture are very similar to that of the section 33 (PG58-28)
mixture.

6 SUMMARY

The integrated laboratory testing and computer simulation method presented in this paper was
utilized in the investigation of low-temperature cracking in five test sections at MnROAD. In
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general, the simulation results were found to be in good agreement with field observations. This
study demonstrates the importance of integrating both laboratory testing and numerical simulations
when investigating a pavement distress mechanism such as low-temperature thermal cracking. The
framework of the techniques presented herein has been recommended for phase II of the LTC pooled
fund study, and for related airport reflective cracking studies. Planned model extensions include
crack spacing prediction, three-dimensional modeling, and comprehensive model validation. The
LTC data base will also provide a good opportunity to re-evaluate binder specifications and binder-
to-mixture property relations.
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ABSTRACT: Thermal cracking of asphalt concrete is a form of pavement distresses that is of a
great importance for northern Canadian jurisdictions where extreme cold conditions and temper-
ature fluctuations are encountered. However, predictions of this distress have not been accurate
enough which translated in premature road failures. This is mainly due to the absence of robust
mechanistic constitutive models, which translated into reliance on empirical formulations and indi-
cators with inherent limitations. This paper presents a scheme to overcome such shortcomings. It
calls for taking advantage of the wealth of field information available from Long Term Pavement
Performance (LTPP) sites and using an analytical approach to predict thermal cracking of pave-
ments. This study presents the artificial neural network (ANN) technique as a promising method
that can help designers predict thermal cracking based on data accumulated (over the years) from
LTPP sites. Several ANN models were trained and tested using simple parameters such as road
structure, material properties and environmental conditions as input to predict thermal cracking.
Results of ANN simulations showed the potential of the technique to effectively predict low sever-
ity thermal cracking of LTPP sites that were not included in the training and testing phases and to
delineate the critical factors governing this distress form.

1 INTRODUCTION

Flexible pavements are constructed with asphalt concrete materials that age during all the phases
of their production, preparation, transportation and construction. The aging process continues over
many years of the pavement in-service life. The aging and hardening increase the stiffness of
the material and thus reduces its flexibility, making it vulnerable to different forms of cracking
including thermal cracking.

Thermal cracking is a major distress type of conventional (hot mix asphalt concrete) pavements.
It has been an important concern for pavement owners, engineers and researchers for the last three
decades. It affects many regions in Canada and the United States. These regions are characterized by
extreme daily low temperatures during the winter and high temperatures during the summer, which
favors hardening of asphalt concrete. Thermal cracking may result from either a single thermal
cycle at which the temperature drops below a critical low temperature or from a series of repeated
thermal cycles where the temperature fluctuations occurs above the critical temperature. The critical
temperature is the fracture temperature of the asphalt concrete mixture. These two modes of thermal
cracking are known as low temperature cracking and thermal fatigue, respectively. Vinson et al.
(1990) established that low temperature cracking is more likely to develop at temperatures lower
than −7◦C and /or rapid cooling rate and that thermal fatigue is supposed to occur at milder
temperatures in the range of −7◦C to 21◦C. In 1994, Hiltunen and Roque found that for both types
of thermal cracking, crack propagates from top to bottom of the surface layer.

In the last thirty years or so, there were many attempts to delineate the mechanisms of thermal
cracking and to predict its development (Haas et al. 1987). In the literature, two types of predictive
models are identified; namely empirical and analytical. One of the first attempts of predicting
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Figure 1. Illustration of the three severity levels of thermal cracking (after Strategic Highway Research
Program, 1993).

thermal cracking using the empirical approach was headed by Fromm and Phang (1972). Later,
others proposed more models (Chang et al. 1976, Hass et al. 1987). The empirical models mainly
correlate cracks spacing to material properties and environmental data based on laboratory tests and
field experiments. The analytical models rely on the fracture mechanics to predict the propagation of
thermal cracking (Carpenter and Lytton 1975, Lytton et al. 1983, Hiltunen and Roque 1994). Shen
et al. (2001) assessed the merit of the two approaches and concluded that they both have drawbacks.
They found that empirical predictive models can be used only for limited material properties and
environmental conditions. Further, they concluded that fracture mechanics on which analytical
models rely cannot explain some important aspects of thermal cracking and is not expected to
model the fracture of asphalt concrete in a satisfactory manner. Shen et al. added that analytical
models are not capable of simulating the initiation of thermal cracks.

Given the complexity of modeling thermal cracking and the drawbacks of the empirical and
analytical approaches discussed above, a study was launched to investigate the merit of using
artificial intelligence techniques in predicting thermal cracking. The proposed modeling scheme
combines the use of the data from LongTerm Pavement Performance (LTPP) sites with the artificial
neural network (ANN) technique.

2 THERMAL CRACKING SEVERITY LEVELS

In the distress identification manual for the LTPP Project (Strategic Highway Research Program
1993), thermal cracks are defined as transverse cracks that are predominantly perpendicular to
pavement centerline. Further they are classified into the three severity levels described below
(Fig. 1).

• Low severity: an unsealed crack with a mean width <6 mm (0.25 in.); or a sealed crack with
sealant material in good condition and with a width that cannot be determined.

• Moderate severity: any crack with a mean width >6 mm (0.25 in.) and <19 mm (0.75 in.); or
any crack with a mean width <19 mm (0.75 in.) and adjacent to low severity random cracking.

• High severity: any crack with a mean width >19 mm (0.75 in.); or any crack with a mean width
<19 mm (0.75 in.) and adjacent to moderate to high severity random cracking.

The scope of the investigation reported in this paper was limited to the low severity level and thus
made use of LTPP data related to this type of thermal cracking only.
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3 ARTIFICIAL NEURAL NETWORK TECHNIQUE

The ANN technique is a relatively new method of modeling that was originally presented by
Ghaboussi et al. (1990 and 1991). Unlike other modeling techniques that rely on mathemat-
ical expressions to describe experimental observations, ANN modeling relies on the learning
capabilities of its elements.

An ANN model is a collection of interconnected elements (neurons) that are linked together in
a way similar to the architecture of the human brain and have the performance characteristics of
biological neurons (Fausett 1994). It is capable of recognizing, capturing and mapping features
(known as patterns) contained in a set of data mainly due to the high interconnections of neurons
that process information in parallel. The learning capabilities allow neural networks to be directly
trained with the results of experiments. Once an ANN model has learned the patterns defining the
relationship between the input and output of a certain test or process, it can generalize from its
training set data to novel cases. Presenting a network with facts for which the input and output are
known to delineate the embedded patterns is an integral part of the ANN modeling process.

An ANN model is made up of at least three layers. The first layer contains the input parameters
while the last layer contains the output (solution). One or more layers known as hidden layers
are usually placed between the input and output layers. The hidden layers constitute the network’s
means of delineating and learning the patterns governing the data that the network is presented
with.

There are many ways a neural network can be trained. The back propagation technique is the most
popular process and has been used in many fields of science and engineering such as construction
simulation (Flood 1990 and Moselhi et al. 1991), constitutive modeling (Rogers 1994) and structural
analysis (Garrett et al. 1992). In a back propagation learning process, training is accomplished by
assigning random connection weights to the connections and calculating the output using the present
connection weights. At a second stage, the process involves back propagating the error defined as
the difference between the actual and computed output through the hidden layer(s). This procedure
is repeated for all training facts until the error is within a certain tolerance. The final network with
final connection weights is then saved to serve as a prediction model.

4 ANN MODEL BUILDING

The development of an ANN model involves defining the number of nodes in the input, output and
one or more hidden layers. The input layer size is generally predetermined based on the parameters
known or assumed to affect the targeted output. However, the number of hidden layers as well
their nodes is usually determined by a-trial-and-error procedure. Determination of the number of
hidden layers and their nodes involves training and testing the built network against test sets made
of examples with known input and output.

Using a subset of the input data used for the calibration and validation of the 2002 design guide for
new constructed pavement sections (NCHRP 2003), an investigation was initiated to examine the
effectiveness of the ANN technique in predicting the low severity thermal cracking of conventional
pavements. The data used included information related to pavement, climatic information, material
characterization data and distress values for flexible pavement sections as shown in Table 1. The
data was extracted from the LTPP database.

5 ANN MODEL OPTIMIZATION

In this study, the amount of low severity thermal cracking is the single targeted output. The inputs
included all others parameters shown in Table 1 and related to pavement data, climatic information,
material characterization data, and pavement age at time of survey to measure the amount of thermal
cracking. The number of nodes in the hidden layer(s) was investigated in order to arrive at a robust
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Table 1. Information of LTPP sites used in the study.

Aggregates gradation,
Pavement data Climatic data for asphalt mixture, data Binder data Distress data

Section number (A)* Latitude north (L) % retained on 3/3” sieve (Q) Pb (U) Age at survey (AM)
State code (B) Longitude west (M) % retained on 3/8” sieve (R) Gb (V) Low severity thermal
State (C) Elevation (N) % retained on #4 sieve (S) Gmb (W) cracking (AN)
Design period (E) Water table % passing #200 sieve (T) Gmm (X)
Asphalt thickness (P) depth (O) Gsb (Y)
Lane width (F) Gse (Z)
Pavement slope (G) VBE (AA)
Initial IRI (H) Original

viscosity (AE)
Thermal Viscosity
conductivity (I) grade (AH)
Heat capacity (J) Penetration

grade (AI)
Surface short wave Penetration at
absorption (K) 77◦F (AJ)
Age t (AB) Viscosity at

140◦F (AK)
Air voids at Viscosity at
age = t (AC) 275◦F (AL)
Original air
voids (AF)
MAAT (AD)
Total unit
weight (AG)

* The characters given in parentheses after each factor are the symbols used in ANN models
IRI: International roughness index
MAAT: Mean annual average temperature
Pb: Binder content by weight
Gb: Specific gravity of the binder
Gmb: Bulk specific gravity of the mix
Gmm: Maximum theoretical specific gravity of the mix
Gsb: Bulk specific gravity of the aggregate
Gse: Effective specific gravity of the aggregate
VBE: Effective binder content by volume at time of construction

network. The investigation consisted of training ANN models with a varying number of hidden
layers and nodes. Ten percent of the data was randomly set aside for testing the trained network and
another ten percent of the data was reserved for comparing the predictions of the built network with
laboratory obtained data. The effect of the number of hidden nodes on the accuracy of the network
was measured by the percentage “Absolute value of the Relative Error” (|ARE|) defined as:

Through trial-and-error, it was found that using more than one hidden layer did not improve the
accuracy of the predictions. Consequently, the number of nodes in the single hidden layer was the
only parameter left to be determined. The effect of the number of hidden nodes in the single hidden
layer on |ARE| is displayed in Figure 2. It shows that the number of nodes in the hidden layer plays
a major role in the accuracy of the network. Further, the network consisting of 37 nodes in the
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Figure 2. Impact of number of nodes in the hidden layer on the accuracy of predictions.

Table 2. Prediction of thermal cracking of two novel LTPP sections.

Years after Measured thermal Predicted thermal |ARE|
State construction cracking (m/Km) cracking (m/Km) (%)

Alaska 5.8 12.123 12.244 1
7.1 15.723 13.180 16
9.1 18.394 16.629 10

Michigan 9.3 6.156 7.412 20

single hidden layer was found to provide the best accuracy with an |ARE| of about 12%, which was
considered acceptable.

6 ANN ABILITY TO PREDICT LOW SEVERITY THERMAL CRACKING

The ability of the ANN technique to predict low severity thermal cracking of roads in a satisfactory
manner was determined by comparing ANN predictions and field-measured thermal cracking of
several LTPP sections that the model did not see before. A typical comparison done for two LTPP
sites is presented in Table 2. It shows that the ANN technique is capable of predicting the low
severity thermal cracking with satisfactory accuracy. The |ARE| of predictions were lower than
20%. Further, with the exception of few data points, the predictions of the optimized ANN had an
|ARE| consistently lower than 25% when all LTPP sites reserved for validation were considered.

7 FACTORS INFLUENCING LOW SEVERITY THERMAL CRACKING

The complexity of thermal cracking and the multitude of factors known or suspected to influence
thermal cracking motivated the use of as much input parameters as possible to make sure not to
miss any important factors. In this section, the sensitivity of all these inputs is analyzed. Figure 3
shows an output of the optimized ANN model in which the sensitivity of all input parameters are
presented using a bar graph. The sensitivity of a parameter is proportional to the length of the bar.
Figure 3 suggests that four parameters have a great impact on low severity thermal cracking. They
are, in decreasing order of influence, the binder penetration at 77◦F, the age of the pavement, and
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Figure 3. Sensitivity of all inputs used in ANN modeling.

the binder viscosities at 140◦F and 270◦F. They are represented by the symbols AJ, AM, AK and
AL, respectively in the ANN simulations (Fig. 3). The impact of pavement age is further analyzed
in Figure 4. It is clear that, in the early years of the pavement age, the rate of development of low
severity thermal cracking is low. However this rate becomes more pronounced after 10 years and
especially after 15 years.

8 CONCLUSION

Thermal cracking is one of the major forms of road distresses in many jurisdictions in Canada and
the United States. The prediction of thermal cracking using empirical an analytical approached
has been faced with many drawbacks mainly due to the complexity of mechanisms governing its
development and propagation. This paper presents the artificial neural network as an alternative
modeling technique that is capable of considering the wide spectrum of factors that are known to
influence thermal cracking and including other factors that are very difficult or tedious to investigate
in the field or laboratory and might have an impact. Results obtained from the current study showed
that the ANN technique is a valuable tool that has the capability of predicting low severity thermal
cracking of pavements with an absolute average error of less than 25%. Further, the ANN has
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Figure 4. Impact of pavement age on low severity thermal cracking.

the ability to delineate the sensitive factors that influence thermal cracking. The promising results
obtained in predicting low severity thermal cracking motivate the move to the next step of the study,
which will focus on assessing the ability of the ANN technique in predicting the two other levels
of severity of thermal cracking, namely, medium and high.
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Effect of aggregate grading on low temperature cracking resistance
in asphalt mixtures base on mathematical statistic

Y.-Q. Tan, H.-N. Xu, Z.-J. Dong, & W.-Q. Gong
Harbin Institute of Technology, Harbin, Heilongjiang Province, P.R. China

ABSTRACT: This paper discussed the effect of aggregate grading on the low temperature crack-
ing resistance in asphalt mixtures from the perspective of the degree of aggregate interlock. A
total of 9 asphalt mixtures with 9 different aggregate gradations and one asphalt binder content
were studied. Volumetric analysis of asphalt mixtures and the coarse portion of the aggregate blend
showed aggregate grading had a significant influence on the degree of aggregate interlock in asphalt
mixtures. A trend was existed in the low temperature performance changing with the gradation’s
fluctuation. With the aid of rank sum test, it was indicated the variation of the aggregate grad-
ing affected the low temperature performance significantly, and the accepted fluctuating range of
gradation was proposed which met low temperature cracking resistance in asphalt pavement. The
findings also indicated a positive correlation existed between the degree of aggregate interlock in
asphalt mixtures and the low temperature performance.

1 INTRODUCTION

1.1 Background

Low temperature cracking is one of the three major distresses (low temperature cracking, fatigue
and rutting) in asphalt pavement (Huang, 2003). Especially in cold region, cracking caused by low
temperature is the main distress form.

With the propagation of low temperature cracking through the pavement structure, a conduit
is created for the migration of water and fine aggregates into and out of the pavement. During
the winter, the intrusion of deicing solutions into the base through the crack can lead to localized
thawing of the base and depression at the crack. Pumping of the fine aggregates through the crack
produces voids under the pavement and results in a depression at the crack upon loading. All these
effects results in poor ride quality and a reduction in service life of the pavement. (Kanerva, 1993)

Researches have been conducted on the factors affecting the low temperature performance in
asphalt mixtures. The Strategic Highway Research Program (SHRP) reported that the performance
of low temperature attributed more than 80% to asphalt which was the leading factor. Investigation
by Shen Ai-qin confirmed this viewpoint. She also reported that it was not rational that the higher
the asphalt grade was, the better low temperature performance. In other studies, Per Redelius and
Xiaohu Lu observed that using waxy asphalt, the asphalt mixtures tended to have higher fracture
temperature. In recent years, it has been reported that other factors, except asphalt binder, were
effective in improving the performance of low temperature. Baoshan Huang investigated that the
aggregate content made impact on the tensile strength of the asphalt mixtures. Increasing the
aggregate content increased the tensile strength of asphalt mixture. Wu Kuang-huai also reported
that the coefficient of thermal contraction in dense-graded asphalt mixture is 1.24 times that in
gap-graded asphalt mixture at low temperature.

Large numbers of experimental results suggested that the properties of asphalt effectively affected
asphalt mixtures low temperature performance. It was also clearly demonstrated that the particle
size distribution played an important role in resisting low temperature cracking.Yet, mass researches
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Table 1. Physical properties of coarse aggregate.

Sieve size (mm) 16 13.2 9.5 4.75

Bulk specific gravity 2.793 2.795 2.794 2.784
Apparent specific gravity 2.809 2.813 2.814 2.810
Absorption (%) 0.21 0.23 0.24 0.33
Crushed stone value (%) 5.0
Weared stone value (%) 4.3

Table 2. Physical properties of fine aggregate.

Sieve size (mm) 2.36 1.18 0.6 0.3 0.15 0.075

Apparent specific gravity 2.815 2.804 2.791 2.805 2.822 2.740
FAA 19(s)

Table 3. Physical properties of asphalt.

Penetration at 25◦C Softening point Ductility at 15◦C Rotational viscosity at 135◦C
Index 0.1 mm ◦C cm Pa.s

Test results 106 45.7 >150 0.275

concentrate on the asphaltic nature and the components of asphalt. There are very limited studies
on the correlation between aggregate grading and low temperature cracking resistance.

In this paper, particle is divided into two parts – coarse aggregate and fine aggregate. The effect
of gradation on the low temperature performance is conducted by changing the internal particle
distribution. With the aid of rank sum test – one of the mathematical statistic methods, the accepted
fluctuating range of aggregate grading is proposed which meets low temperature cracking resistance
in asphalt pavement.

1.2 Research objectives

The main objectives of this study are to:

– Investigate the trend of the degree of aggregate interlock and low temperature performance of
asphalt mixtures changing with the aggregate grading, respectively;

– Evaluate the effect of aggregate grading on asphalt mixtures low temperature cracking resistance;
– Correlate the degree of aggregate interlock with low temperature cracking resistance in asphalt

mixtures.

2 MATERIALS AND DESIGN OF AGGREGATE GRADING

2.1 Materials

According to the Technical Specifications for Construction of Highway Asphalt Pavement in China
(JTG F40-2004), the properties of coarse aggregate and fine aggregate are listed in Tables 1 and 2.
Asphalt propertied is listed in Table 3. Limestone was used as mineral filler.

2.2 Design of aggregate grading

Nominal maximum of asphalt mixture is 16 mm.
Firstly, choose a gradation whose performance is well in practice as standard gradation. It is

illustrated in Fig. 1. The optimum asphalt content was selected at 5.2%.
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Figure 1. Standard gradation.
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Figure 2. Gradations C1∼C4.
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Figure 3. Gradations X1∼X4. Figure 4. Strain-stress curve.

Secondly, change the coarse aggregate distribution to simulate the fluctuation caused by the
variance of coarse aggregate. The gradations C1∼C4 are plotted on the curves in Fig. 2.

Thirdly, change the fine aggregate distribution to simulate the fluctuation caused by the variance
of fine aggregate. The gradations X1∼X4 are plotted on the curves in Fig. 3.

3 TEST METHOD

3.1 VCA testing method

In order to calculate the structure of asphalt mixtures, the loose and rodded unit weights were
determined for the coarse portion of the aggregate blend.

This was performed using the aggregate testing apparatus. According to the specifications
described in ASTM C1252-93, the coarse portion of the aggregate blend were sampled for testing
under the loose condition and 25 rods of compaction in the testing apparatus.

3.2 Asphalt mixture low temperature performance testing method

Low temperature cracking is attributed to tensile stresses induced in the asphalt pavement that
develop when the pavement is subjected to a cold temperature. As the pavement is cooled thermal
stresses are induced as a result of the asphalt mixture’s tendency to contract and deformation. The
work done by the stress induces energy accumulated. If the energy accumulated in the pavement is
equal to the critical energy of the asphalt mixture at that temperature, a low temperature cracking
results. The larger the energy is consumed in failure, the better asphalt mixtures low temperature
cracking resistance.

In the present paper, bending strain energy density was adopted as the index to evaluate asphalt
mixtures low temperature performance.
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Table 4. Volumetric properties of coarse aggregate blend.

Unit weight (g/cm3) VCA(%)
Gradation
Name Specific gravity Loose 25 rods VCADLC VCADRC

JZ 2.789 1.435 1.581 48.5 43.3
C1 2.790 1.426 1.583 48.9 43.3
C2 2.790 1.440 1.582 48.4 43.3
C3 2.789 1.443 1.580 48.3 43.3
C4 2.788 1.443 1.578 48.2 43.4
X1 2.789 1.435 1.581 48.5 43.3
X2 2.789 1.435 1.581 48.5 43.3
X3 2.789 1.435 1.581 48.5 43.3
X4 2.789 1.435 1.581 48.5 43.3

Specimens were fabricated in a steel mold with inside dimensions of 300 × 300 × 50 mm. For
each specimen, aggregate and asphalt binder were heated and mixed at a temperature of 155◦C.
This procedure produced a consistent specimen with the desired dimensions and density.

The test specimen was a beam with the dimension of 35 × 30 × 250 mm. Maximum theoretical
specific gravity, bulk specific gravity, and air voids for each test specimen were determined.

The test was performed on a closed-loop controlled servohydraulic MTS810 material test system
(−40◦C∼60◦C). In the experiment, test temperature was −10◦C; loading speed was at 50 mm/min;
loading at one point in the midst of span (200 mm) was adapted as loading mode.

The correlation between stress and strain was approximate a function of a second-degree
polynomial:

Where: bi-Constant, i = 0, 1, 2; P-Stress, MPa; δ-Strain.
Failure state was illustrated in Fig. 4. Bending strain energy density in failure state could be

calculated as follows:

Where: E-Bending strain energy density, KJ/m3 (Hao, 2000; Shen, 2004).

4 RESULTS AND DISCUSSION

4.1 Fluctuation of aggregate grading to the influence on the degree of aggregate interlock

Depending on the degree of aggregate interlock, two structure styles in the asphalt mixtures exist –
floating structure and skeleton structure. With gradation changing, the degree of aggregate interlock
is altered.

Voids in the coarse aggregate of the mixture (VCAmix) are determined for the coarse portion of
the aggregate blend as a property that identifies the existence of a coarse aggregate skeleton with
stone-to-stone contact. A coarse aggregate skeleton is developed when the VCAmix is equal to or
less than the VCADLC in dense-graded asphalt mixture.

The volumetric properties of the coarse portion of the aggregate blend and asphalt mixtures are
respectively tabulated in Tables 4 and 5.

For ease of comparison, VCAmix, VCADLC and VCADRC for various asphalt mixture are shown in
Fig. 5. From the figure, one can infer that the change of gradation affected the degree of aggregate
interlock in asphalt mixture.
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Table 5. Volumetric properties of asphalt mixtures.

Gradation name ρf VV(%) VMA(%) VFA(%) VCAmix

JZ 2.446 4.1 15.7 73.9 49.1
C1 2.453 5.1 17.5 70.9 48.9
C2 2.424 4.8 17.1 71.7 49.6
C3 2.410 5.2 17.5 70.3 49.9
C4 2.405 5.4 17.7 69.6 50.0
X1 2.328 9.1 20.3 55.5 51.6
X2 2.382 6.9 18.5 62.5 50.5
X3 2.450 3.9 16.2 76.2 49.0
X4 2.484 2.3 15.0 84.4 48.3

Figure 5. Fluctuation of gradation to the influence on asphalt mixture structure.

Fig. 5-(a) presented that the degree of aggregate interlock weakened with the coarse aggregate
distribution fining. The VCAmix value for gradation C1 was equal to the value tested in loose
condition. It indicated that the stone-to-stone contact was developed. With the coarse aggregate
distribution fining, VCAmix values increased gradually, and they were larger than the values tested
in loose condition. In this case, the coarse aggregate was not touching each other and it was
“floating” between the fine aggregates. The coarse aggregate distribution fining meant the content
of 9.5∼16 mm particles increased and the content of 4.75∼9.5 mm particles decreased. It can
conclude that the more large size particles were, the easier stone-to-stone contact was formed.

Opposite behavior is observed in Fig. 5-(b). The VCAmix value for gradation X1 was larger than
VCADLC. The coarse aggregate particles were spread apart and were not in a uniform stone-to-stone
contact condition. With the fine aggregate distribution fining, the VCAmix values decreased. For
gradation X4, the coarse aggregate skeleton was developed. One can infer that the fine aggregate
distribution fining coduces to the enhance of the degree of aggregate interlock.

4.2 Fluctuation of aggregate grading to the influence on asphalt mixtures low temperature
performance

A clear trend was observed with the change of gradation from Fig. 6.
Bending strain energy density decreased with the coarse aggregate distribution fining. It was

maximal in gradation C1. After that, with gradation fining, it decreased gradually. However, the
difference among gradation C2, JZ, C3, C4 was negligible. The phenomena indicated that the
performance of low temperature declined with coarse aggregate distribution fining.

As shown in Fig. 6-(b), with fine aggregate distribution fining, bending strain energy density
increased. It was 3.61 KJ/m3 in gradation X1 while it was 7.11 KJ/m3 in gradation X4 which was two
times the value of gradation X1. The phenomenon above presented low temperature performance
increased with the fine aggregate distribution fining.
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Figure 6. Fluctuation of gradation to the influence on low temperature performance.

Table 6. Rank sum test of coarse aggregate fluctuation to the influence
on low temperature performance.

Change significantly,
ξ JZ T R1 T1 T2 yes or no (α= 0.05)

JZ C1 JZ 12 14 30 Yes, better
JZ C2 JZ 24 14 30 No
JZ C3 JZ 20 14 30 No
JZ C4 JZ 25 13 27 No

4.3 Research on the fluctuation range of aggregate grading to meet asphalt mixtures low
temperature cracking resistance

4.3.1 Fluctuation of aggregate grading to the influence on the low temperature performance
based on mathematical statistic

In many applications, the samples are drawn under different conditions, and inferences must be
made about possible effect of these conditions. But many experiments are such that if they do little
to the samples, the measurements would not be exactly the same. To deal with this problem a math-
ematical statistic method is often employed. In this work, rank sum test was adapted to analyze the
fluctuation of gradation to the influence on low temperature cracking resistance in asphalt pavement.

Table 6 illustrates changing coarse aggregate distribution has an impact on low temperature
performance in asphalt pavement. At a 95% confidential level, the performance of low temperature
in gradation C1 which became rougher 6% showed preponderance over standard gradation. With
the gradation fining, low temperature cracking resistance didn’t change significantly compared
with standard gradation.

The degree of aggregate interlock in asphalt mixture is a useful parameter in explaining the
low temperature cracking resistance changing with aggregate grading’s fluctuation. As discussed
in part 4.1, a stone-to-stone contact was developed in gradation C1. The coarse aggregate packed
closely, and the packing mechanism between stones could provide high resistance to contract and
deformation at low temperature. With the degree of interlock weakened, the coarse aggregate was
not touching each other as the fine aggregate pushed for more “space” within the asphalt mixtures.
In this instance, fine aggregate and asphalt binder mainly played a role in resistance cracking at
low temperature. Because the fine aggregate and asphalt mastic were the same in gradation C2,
JZ, C3, C4, the low temperature performance was in the same level.

Changing fine aggregate distribution affected the performance of low temperature shown in
Table 7. At a 95% confidential level, low temperature performance in gradation X1 was worse, and
it was better than standard gradation in gradationX4.

As shown in Fig. 5-(b), with the fine aggregate distribution fining, the degree of aggregate
interlock enhances, and stone-to-stone contact is gradually initialed. When the coarse aggregate
was not touching each other, fine aggregate and asphalt binder played a role in resisting cracking.
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Table 7. Rank sum test of fine aggregate fluctuation to the influence on low temperature performance.

Change significantly,
ξ JZ T R1 T1 T2 yes or no (α= 0.05)

JZ X1 X1 3 3 11 Yes, worse
JZ X2 JZ 19 13 27 No
JZ X3 JZ 17 14 30 No
JZ X4 JZ 13 13 27 Yes, better

Table 8. The degree of interlock verse bending strain energy density of asphalt mixtures.

Gradation Bending strain energy density VCADLC VCAmix Skeleton structure
name (KJ/m3) (%) (%) yes or no

C1 7.81 48.9 48.9 Yes
X4 7.11 48.5 48.3 Yes
X3 5.93 48.5 49.0 No
C3 5.80 48.3 49.9 No
X2 5.78 48.5 50.5 No
JZ 5.55 48.5 49.1 No
C2 5.17 48.4 49.6 No
C4 4.61 48.2 50.0 No
X1 3.61 48.5 51.6 No

Table 9. Aggregate grading’s fluctuating range to meet
low temperature cracking resistance.

Fluctuating range to meet low
Component temperature performance (%)

Coarse aggregate [−6, +6]
Fine aggregate [−2, +5)

The increase in large size particles within the fine aggregate led to the loss of internal resistance in
explaining the decrease of low temperature performance with the fine aggregate roughening. For
gradation X4, the skeleton structure was formed. The packing aggregate instead of asphalt played
a role in relaxing the stress accumulated in asphalt pavement.

4.4 Aggregate grading’s fluctuating range to meet asphalt mixtures low temperature
performance

From the perspective of the degree of aggregate interlock in asphalt mixtures, it showed the
fluctuation of aggregate grading affected low temperature performance significantly. With the
stone-to-stone contact developed, the mixture had a high energy to resist contract and deforma-
tion at low temperature. The properties of fine aggregate and asphalt played an important part in
resisting low temperature cracking in floating structure. But it provided lower energy to resist low
temperature cracking compared to the skeleton structure.

Based on the research above, the gradation’s fluctuating range to meet asphalt mixtures low
temperature cracking resistance was put forward.

5 CONCLUSIONS

From the perspective of the degree of aggregate interlock in asphalt mixtures, the fluctuation of
aggregate grading to the influence on the low temperature performance was evaluated by performing
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mechanical tests on the asphalt mixtures and the coarse portion of the aggregate blend. At a 95%
confidential level, the accepted fluctuating range of gradation meeting low temperature cracking
resistance is proposed. Based on the study, the following conclusions can be drawn:.

– Aggregate grading had a significant influence on the degree of aggregate interlock in the asphalt
mixtures. The fine aggregate distribution fining coduced to the enhance of the degree of aggre-
gate interlock. In coarse aggregate, the more large size particles were, the easier stone-to-stone
contact was formed.

– A trend was existed in the low temperature performance changing with the gradation’s fluctuation.
With coarse aggregate distribution fining, bending strain energy density decreased. With fine
aggregate distribution fining, bending strain energy density increased.

– The variation of the aggregate grading affected the low temperature performance significantly.
This was confirmed by rank sum test results.

– Taken collectively together, there seemed to be a positive correlation between the degree of
aggregate interlock in asphalt mixtures and the low temperature performance.
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ABSTRACT: The Discrete Element Method (DEM) has been used to simulate results from mono-
tonic compression tests on an idealised asphalt mixture containing approximately single-sized sand
particles conducted in the elastic regime of behaviour. A numerical sample preparation procedure is
presented to ensure that the numerical specimen is representative of the physical specimen and bond
breakage between adjacent particles has been used to simulate post-peak (softening) behaviour. It
has been found that the maximum rate of bond breakage corresponds to the peak stress (compres-
sive strength) and that approximately 6000 particles are required for reasonably accurate estimates
of bulk material properties such as compressive strength. A range of simulations has been under-
taken using PFC-3D to investigate the effect of random variations in internal sample geometry, the
distribution of bond strengths between adjacent particles and the coefficient of friction between
particles where the bond has broken on the stress-strain behaviour. It has been found that the ran-
dom effect of particle position on predicted compressive strength is not significant compared to
variability in bond strength and the friction coefficient. For example, a bond strength distribution
with a Coefficient of Variation (CoV) of 50% reduces the compressive strength by approximately
30% and increasing the friction coefficient from 0 to 0.5 increases the compressive strength by
approximately 25% for simulations containing 6000 particles. Predicted results have been com-
pared to experimental data and qualitatively good agreement has been obtained up to a strain level
of approximately 2%.

Keywords: DEM, Idealised Asphalt, Compressive Strength, Bond breakage.

1 INTRODUCTION

Asphalt is a complex multi-phase material comprising bitumen, graded mineral aggregate and air.
A range of asphalt types and compositions can be produced depending on the types and proportions
of these components, and on the aggregate grading. A typical continuously graded mixture
(e.g. asphalt concrete) relies on an interlocking aggregate skeleton for its strength with binder
primarily acting as a lubricant to aid compaction and “glue” the mixture together. At the other
extreme, a typical gap-graded mixture (e.g. stone mastic asphalt) will have a discontinuous aggre-
gate grading (i.e. some stone sizes will not be present) and relies on a coarse aggregate skeleton
bound by a bitumen/filler “mortar” for its strength. It has been shown that for both asphalt mixture
types the micromechanical behaviour, at the scale of an aggregate particle, is an important factor
in terms of overall material performance (Collop et al., 2006).

The traditional approach to modelling asphaltic materials is to treat them at the macro-scale
using continuum-based models (Collop et al., 2004; Blaauwendraad & Scarpas, 2000; Erkens

395



et al., 2002). This usually involves undertaking careful experiments over a range of conditions
(e.g. stress levels, loading rates, temperatures etc), measuring the macroscopic response of the
material and fitting continuum-based constitutive models (which can be extremely complex) to the
measured behaviour. The micromechanical behaviour of the mixture is not explicitly included in
this approach which means that it is not easy to relate observed behaviour to the micromechanics
of the material.

In this paper, the Discrete Element Method (DEM) has been utilised to simulate the monotonic
compressive behaviour (pre and post-peak) of an idealised asphalt mixture in the elastic regime of
behaviour (low temperature, high strain rate).

2 DISCRETE ELEMENT METHOD

The Discrete Element Method (DEM) for modelling movement and interaction of assemblies of
rigid particles was originally developed by Cundall & Strack (1979). The computer program,
Particle Flow Code in 3D (PFC3D), was used in this paper. This program permits the incorporation
of user-defined contact models and bonding of particles. The particles displace independently and
only interact at the contacting points through finite contact stiffness. PFC3D uses the so called
“soft contact approach” whereby the particles are assumed to be rigid (non-deformable) but can
overlap at contact points allowing deformation. The magnitude of overlap is related to the contact
force via a force-displacement law. The mechanical behaviour of the system is described in terms
of movement of discrete particles and inter-particle forces, which are controlled by Newton’s 2nd
law of motion.

The constitutive model used in PFC3D comprises three parts: (i) a linear contact model, (ii) a
bonding model and (iii) a friction slip model. The linear contact model is described in terms of a
normal secant stiffness (Kn) and a shear tangent contact stiffness (Ks) of the two contacting entities
(either wall-particle or particle-particle) acting in series. PFC3D allows particles to be bonded
together at contacts. If the magnitude of the tensile normal contact force equals or exceeds the
normal contact bond strength, the bond breaks, and both the normal and shear contact forces are
set to zero. If the magnitude of the shear contact force equals or exceeds the shear contact bond
strength, the bond breaks and the slip model is activated provided the normal force is compressive.
The slip model is defined by a friction coefficient at the contact point according to the Coulomb
friction law. Elastic shear displacements can be sustained until the shear force is equal to the
coefficient of friction times the normal compressive force, at which point slip occurs.

Typical parameters which have to be defined in PFC-3D are the normal and shear particle
stiffness Kn, Ks, the normal and shear bond strengths Bn, Bs and the coefficient of friction µ

between particles. A full description of PFC3D can be found in (ITASCA 2003) and will not be
detailed here for brevity.

Although the DEM has been applied to model the behaviour of soils and granular materi-
als (Cundall & Strack, 1979; Robertson, 2000; McDowell & Harireche, 2002; McDowell &
Harireche, 2002b, Ullidtz 2003), it has not been widely used to investigate the mechanical behaviour
of asphaltic materials. Rothenburg & Bathurst (1992) modelled asphalt as a set of plane (two-
dimensional) elastic angular particles separated by a viscoelastic bitumen. Simulations showed
that the peak unconfined compressive strength was obtained when the proportion of cohesive con-
tacts was approximately 60% and the proportion of frictional contacts was approximately 40%.
Simulations of creep tests showed that the steady-state properties were largely controlled by the
proportion of frictional inter-granular contacts compared to the proportion of cohesive contacts.
However, the simulations were two-dimensional and no calibration with laboratory data was given.

Buttlar & You (2000) used DEM to develop a two-dimensional model of an indirect tensile
(IDT) test comprising 130 cylindrical stones (12.5 mm in diameter) arranged in a hexagonal packing
structure glued together with asphalt mastic. They validated predictions with experimental data (for
the same idealised mixture) obtaining good agreement. Buttlar &You (2000) extended this approach
to develop a two-dimensional IDT model of Stone MasticAsphalt (SMA) using a microfabric DEM
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Figure 1. Experimental axial stress-strain results.

approach whereby the various material phases are modelled as clusters of discrete elements. The
aggregate structure was captured using a high-resolution optical scanner. Predicted horizontal
displacements were approximately 40% greater than measurements which was attributed to the
two-dimensional microstructural representation underestimating the actual amount of aggregate
interlock.

3 UNIAXIAL COMPRESSION TESTS

3.1 Specimen preparation

A type of idealised asphalt containing approximately single-sized sand mixed with bitumen was
chosen because its packing characteristics are well understood (dense random packing) and because
the mixture is dominated by the bitumen, whilst the complex aggregate interlock effects are min-
imised (Deshpande, 1997). It was designed to have the following volumetric proportions; 70% sand,
20% bitumen and 10% air voids and a 40/60 penetration grade bitumen with a softing point of
53.5◦C was used. The sand was relatively single-sized with particles between 1.18 mm to 2.36 mm
in diameter.

A cylindrical split mould, 75 mm in diameter and 150 mm in height, was used to cast the specimen
and a vibrating Kango hammer compactor was used for specimen compaction. The specimen was
compacted to an initial height of approximately 120 mm and then trimmed to give a final height of
100 mm. The specimen was compacted from only one side into a single layer and care was taken to
insure that the top surface of specimen was flat and smooth. After compaction, the specimen was
allowed to cool to room temperature for at least 12 hours. The mould was then opened carefully
to avoid any surface damage and the geometry and density of the specimen were measured before
being stored in a cold room at 5◦C.

A friction reduction system between the specimen ends and the loading platens was used to
minimise any end confining effects. This comprised a plastic film, 50 µm in thickness (‘Luflexen’)
which was coated with a liquid soap (‘Zalpon’).

3.2 Test protocol & results

Uniaxial compression tests were performed at a constant loading velocity of 0.01 m/s and a test
temperature of −20◦C. These conditions were chosen to minimise viscoelastic effects so that the
response was primarily in the elastic region of behaviour thus simplifying the simulations. In total,
three tests were undertaken and the results are shown in Figure 1 where axial stress is plotted against
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Figure 2. Numerical sample with 6000 particles prepared for uniaxial simulation.

axial strain. It can be seen from this figure that the curves can be divided into three regions. In
the early stages of the test, the stress increases approximately in proportion to the strain (i.e. linear
behaviour). There is then a small region of hardening where the slope of the stress-strain curve
decreases as the peak stress (compressive strength) is approached. After the peak, the material then
softens and the stress decreases rapidly as failure occurs. It can also be seen from Figure 1 that
repeatability is quite good between the three individual test results.

4 NUMERICAL SAMPLE PREPARATION

Since the objective of this paper was to model results from the uniaxial compression testing, it
was necessary to generate an artificial specimen to replicate the idealised asphalt mixture. It was
important to ensure that the sample was initially isotropic and densely packed (i.e. similar to the
laboratory prepared specimen). Therefore, a numerical sample preparation procedure has been
developed to prepare cylindrical samples of known dimensions containing single-sized particles of
known radius. The procedure of numerical sample generation is described in the following steps:

1) The approximate number of particles required to fill the pre-set volume of sample was calculated.
2) The walls (i.e. ‘platen’ or ‘boundary’ in the programme) were generated to enclose a predefined

volume and the particles were generated with a small initial radius.
3) The radii were then increased and the sample was allowed to “settle” until the stresses within

the sample were approximately isotropic.
4) The radii of particles were reduced slightly (typically by 3%) to reduce the isotropic stress (i.e.

less than 1 kPa).
5) Particles with less than four contacts were identified (typically 5% to 8% of the total number

of particles) and were expanded slightly (typically by 1%) to create additional contacts with
neighbouring particles.

6) Normal and shear contact bonds were applied to each contact point.
7) The cylindrical confining wall was removed and the sample was ready for uniaxial testing.

Figure 2 shows a sample containing 6000 particles, 1.77 mm in diameter. The numerical sample
was densely packed with the particles occupying 63.5% of the total volume with an average 5.8
contacts per particle (co-ordination number).
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Figure 3. A typical simulation result of axial stress-strain response.

5 BOND BREAKAGE

In the numerical simulations, post-peak (softening) behaviour has been simulated by allowing bond
breakage when either normal or shear stress between contacting particles exceeds the normal or
shear bond strength. Bond breakage is calculated during each time step of the simulation. A typical
simulation result is shown in Figure 3 where axial stress and percentage bonds broken are plotted
against axial strain.

In this simulation, the shear and normal contact stiffnesses were taken to be 1.2 MPa and 12 MPa
respectively, the normal and shear bond strengths were taken to be 10 MPa and the friction coef-
ficient between contacting particles where the bond has broken was taken to be 0.5. Note that,
although these values have been chosen arbitrarily to give sensible predictions, the factor of 10
between the shear and normal contact stiffness was chosen to ensure an appropriate value of Pois-
son’s ratio (see (Collop et al., 2006) for further details). The axial strain was calculated from the
displacement of the top loading platen (the bottom platen was fixed) and the axial stress was cal-
culated from the contact forces between the particles in contact with the loading platens. It can be
seen from this figure that the general shape of the predicted stress-strain curve (triangle symbols)
is qualitatively similar to the experimental results (Figure 1) both in the pre-peak and post-peak
regions of behaviour. It can be seen from Figure 3 that bond breakage (diamond symbols) increases
progressively from about 0.5% axial strain with the greatest rate of bond breakage coinciding with
the peak stress (compressive strength).

6 EFFECT OF NUMBER AND POSITIONS OF PARTICLES

Since the numerical sample was generated by bonding individual particles together to form a pre-
defined shape, it was necessary to determine the minimum number of particles (sample size) so
that any bulk properties determined from the simulation (e.g. compressive strength) do not depend
on the sample size. Therefore, simulations were performed on samples with different numbers of
particles. The same values of parameters were used as above and a loading rate of 0.01 m/s was
chosen to match the experimental conditions. Note that since the simulations are elastic in nature,
a faster loading rate could be used to reduce the run time. However, it was found that loading rates
significantly faster than 0.01 m/s resulted in dynamic (wave propagation) effects.

Figure 4 shows the effect of the number of particles on the predicted compressive stress-strain
behaviour. It can also be seen from this figure that the curves for 6000 and 12000 particles are
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Figure 4. Effect of number of particles on axial stress-strain response.
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Figure 5. Effect of sample geometry and bond strength variations on compressive strength.

reasonably close together indicating that at least 6000 particles are required in the simulations to
obtain reasonable estimates of bulk properties such as compressive strength.

In Figure 5 the compressive strength (peak stress) is plotted as a function of number of particles
(square symbols). Since the placement of particles in the numerical specimen is essentially random,
for each number of particles, three separate simulations have been performed with the particles in
different random positions. It can be seen from Figure 5 that the general trend is for the compressive
strength to increase with an increasing number of particles up to approximately 6000 particles. It
can also be seen that the variability caused by the random positions of the particles reduces as the
number of particles is increased and the effect for 6000 and 12000 particles is small.

7 BOND STRENGTH DISTRIBUTION

In the previous sections, a single value of bond strength has been assumed between contacting
particles. However, in reality there is likely to be some variation in bond strength and the objective of
this section is to investigate the importance of this variability. The above simulations were repeated

400



0

2

4

6

8

10

12

14

0.0 0.5 1.0 1.5 2.0 2.5 3.0

Axial Strain (%)

A
xi

al
 S

tr
es

s 
(M

P
a)

0%
25% (sample 1)
25% (sample 2)
25% (sample 3)
50% (sample 1)
50% (sample 2)
50% (sample 3)

Figure 6. Effect of bond strength distribution on axial stress-strain response.
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Figure 7. Effect of friction coefficient on axial stress-strain curve.

with identical particle geometries but different Gaussian (normal) bond strength distributions with
Coefficients of Variation (CoVs) of 25% and 50% respectively.

The results have been plotted in Figure 6 where it can be seen that the compressive strength and
the strain at the compressive strength reduce as the variability in bond strength increases. This effect
can be clearly seen in Figure 5 where the compressive strengths are also plotted versus the number
of particles in the specimens. For example, it can be seen that for 6000 particles, increasing
the CoV from 0% (single value of bond strength) to 50% reduces the compressive strength by
approximately 30%.

8 EFFECT OF INTER-PARTICLE FRICTION

Five numerical samples, each containing 6000 particles, were generated with the same particle
geometry and bond strength distributions but different friction coefficients ranging from 0 to 0.9
invoked when the shear contact bond between adjacent particles is broken.

The resulting stress-strain curves are shown in Figure 7 where it can be seen that the compressive
strength increases as the friction coefficient is increased up to a value of 0.5 after which it remains
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Figure 8. Effect of friction coefficient on compressive strength in axial stress-strain response.
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Figure 9. Data comparison between simulation and experiments.

approximately constant. This is shown in Figure 8 where the compressive strength is plotted against
the friction coefficient.

9 COMPARISON WITH EXPERIMENTAL RESULTS

Figure 9 shows a comparison between predicted results and experimental results. The simulation
contained 6000 particles, the shear and normal contact stiffnesses were taken to be 1.2 MPa and
12 MPa, respectively and the average value of normal and shear bond strengths was taken to be
12 MPa with a CoV of 25% and a friction coefficient of 0.5 between particles where the bond is
broken. Note that these properties were chosen arbitrarily so that the predicted stress-strain curve
matched the experimental curve. It can be seen from this Figure 9 that the general shape of the
predicted curve (diamond symbols) is qualitatively similar to the experimental results up to a strain
level of approximately 2% after which the predicted stress-strain curve flattens out significantly.

402



10 CONCLUSIONS

1) DEM has been utilised to simulate the monotonic compressive behaviour of an idealised asphalt
mixture in the elastic region of behaviour.

2) A sample preparation procedure has been developed to ensure that the numerical sample is
initially dense and isotropic.

3) Post peak (softening) behaviour was simulated by allowing bond breakage between adjacent
particles. Results showed that the maximum rate of bond breakage occurred at the peak stress
(compressive strength).

4) It was found that approximately 6000 particles are required for reasonably accurate estimates of
bulk material properties such as compressive strength.

5) It was found that the random effect of particle position on predicted compressive strength is not
significant compared to variability in bond strength and the friction coefficient. For example, a
bond strength distribution with a Coefficient of Variation (CoV) of 50% reduces the compressive
strength by approximately 30% and increasing the friction coefficient from 0 to 0.5 increases
the compressive strength by approximately 25% for simulations containing 6000 particles.

6) The overall shape of the predicted stress-strain curve from the DEM approach showed a good
agreement with the experimental results up to a strain of approximately 2%.
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ABSTRACT: In this paper the factors affecting asphalt pavements low temperature cracking are
investigated by means of the Thermal Stress Restrained Specimen Test (TSRST). Asphalt mixtures
slabs cut from field pavement sections as well as slabs produced in the laboratory, were used to study
the influence of binder type, aggregate type, air void content, cooling rate and specimen geometry
on the fracture strength and fracture temperature. For the laboratory mixtures, two levels of air void
content: 4% and 7%, two levels of binder content: the design value and the design value plus 0.5%
and two types of aggregates: limestone and granite were used to prepare the laboratory mixtures. It
was found that mixtures with 4% of air void content are less prone to low temperature cracking than
mixtures with 7% air void, and that, on average the granite mixtures performed slightly better than
the limestone mixtures. A preliminary investigation of the feasibility of using acoustic emission
monitoring during TSRST testing was performed including microcracks localization and acoustic
events counting.

1 INTRODUCTION

Low temperature cracking is considered to be the critical distress in pavements built in cold climates.
The current low temperature specifications rely on mixture properties obtained in the IDT creep
and strength tests. However, from a phenomenological point of view, the TSRST method appears
to be the closest in simulating single event thermal cracking.

The TSRST system developed under SHRP A-400 contract by Jung and Vinson (1994), is an
automated closed loop system which measures the tensile stress in an asphalt concrete specimen as
it is cooled at a constant rate. As the temperature drops, the specimen is restrained from contracting
thus inducing tensile stresses. The fracture strength and the fracture temperature are measured as
part of the TSRST test. This test method has been extensively used in the past to investigate the
low temperature properties of asphalt mixtures. Research performed by Monismith et al (1965),
Arand (1990) and Vinson et al. (1994) among others showed that TSRST can be used to evaluate
the susceptibility of asphalt mixtures to low temperature cracking.

In this paper twenty eight laboratory prepared mixtures and twenty specimens cut from field
sections were tested as part of this comprehensive study on low temperature properties of asphalt
materials. For the laboratory mixtures, two levels of air void content, 4% and 7% representing the
design value and typical construction values, respectively, were chosen to study the effect of air
voids on fracture resistance. Two levels of binder content, the design value and the design value
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Table 1. Field samples description.

ID PG binder Location

WI US 45 58-34 Wisconsin
MnROAD 03 58-28 MnROAD
MnROAD 19 64-22 MnROAD
MnROAD 33 58-28 MnROAD
MnROAD 34 58-34 MnROAD
MnROAD 35 58-40 MnROAD

plus 0.5%, were used to quantify the effect of asphalt content on the resistance to low temperature
cracking. Two types of aggregate with different mechanical and physical properties, limestone and
granite, were used to prepare the laboratory mixtures.

2 MATERIALS

A total of 76 specimens were tested in the TSRST system; 20 field specimens and 56 laboratory
specimens (two replicates per mixture). The test matrix for this study contains a combination of
factors expected to have a significant effect on the low temperature fracture resistance of asphalt
concrete. The field specimens were obtained from two different locations: US-45 in Wisconsin and
five different cells in MnROAD. The slabs were sawed into prismatic specimens with the following
dimensions: 50 ± 5 mm (2.0 ± 0.15 in.) square and 250 ± 5 mm (10.0 ± 0.25 in.) in length. The
asphalt binder and location of each slab is presented in Table 1.

Table 2 shows the 28 laboratory mixtures tested. Ten different asphalt binders, both plain and
modified that cover six different performance grades were selected. Two aggregates, granite and
limestone were selected. Two levels of asphalt binder content, the optimum value and the optimum
value plus 0.5% (e.g. bump), were used. Two levels of air void content were select based on typical
values for design and construction.

The laboratory prepared slabs were sawed in to prismatic specimens with the following dimen-
sions: 50 ± 5 mm (2.0 ± 0.15 in.) square and 250 ± 5 mm (10.0 ± 0.25 in.) in length. Mixture
58-28:U1:7:LM was not available for testing during the TSRST program and slab 64-22:U1:4:LM
was severely cracked before cutting.

3 RESULTS AND DISCUSSION

All tests were performed using a cooling rate of 10◦C/hr and following the test procedure described
by Jung and Vinson (1994). Additional testing was done to investigate the effect of shape, size and
cooling rate on the fracture properties of the mixtures. Figure 1 shows a typical result from TSRST
test. As the temperature inside the chamber is dropped at a constant rate, the thermally induced
tensile stresses increases until fracture occurs.

The slope of the curve (dS/dT) shown in Figure 1 slowly increases until reaches its maximum
value at the transition temperature. After this temperature, dS/dT is constant and the stress temper-
ature curve becomes linear until the specimen fails. The tensile stress and the temperature at the
break point are the fracture strength and the fracture temperature, respectively.

3.1 Field specimens

Fracture temperature, fracture strength, transition temperature, dS/dT, specific gravity and absorp-
tion of the field specimens are presented in Table 3. Additionally, Figure 2 shows the fracture
temperature of the field specimens.
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Table 2. Laboratory mixtures description.

ID PG binder Description Aggregate Binder content Target Air voids

58-40:M1:4:GR 58-40 SBS Granite opt 4%
58-40:M1:4:GR:+0.5AC 58-40 SBS Granite bump 4%
58-40:M1:4:LM 58-40 SBS Limestone opt 4%
58-34:M1:4:GR 58-34 Elvaloy Granite opt 4%
58-34:M1:4:GR:+0.5AC 58-34 Elvaloy Granite bump 4%
58-34:M1:4:LM 58-34 Elvaloy Limestone opt 4%
58-34:M2:4:GR 58-34 SBS Granite opt 4%
58-34:M2:4:LM 58-34 SBS Limestone opt 4%
58-28:U1:4:GR 58-28 Unmodified 1 Granite opt 4%
58-28:U1:4:GR:+0.5AC 58-28 Unmodified 1 Granite bump 4%
58-28:U1:4:LM 58-28 Unmodified 1 Limestone opt 4%
58-28:U1:4:LM:+0.5AC 58-28 Unmodified 1 Limestone bump 4%
58-28:U1:7:GR 58-28 Unmodified 1 Granite opt 7%
58-28:U1:7:GR:+0.5AC 58-28 Unmodified 1 Granite bump 7%
58-28:U1:7:LM 58-28 Unmodified 1 Limestone opt 7%
58-28:U1:7:LM:+0.5AC 58-28 Unmodified 1 Limestone bump 7%
58-28:U2:4:GR 58-28 Unmodified 2 Granite opt 4%
58-28:U2:4:LM 58-28 Unmodified 2 Limestone opt 4%
64-34:M1:4:GR 64-34 Elvaloy Granite opt 4%
64-34:M1:4:LM 64-34 Elvaloy Limestone opt 4%
64-34:M2:4:GR 64-34 Black Max™ Granite opt 4%
64-34:M2:4:LM 64-34 Black Max™ Limestone opt 4%
64-28:U1:4:GR 64-28 Unmodified 1 Granite opt 4%
64-28:U1:4:LM 64-28 Unmodified 1 Limestone opt 4%
64-28:M1:4:GR 64-28 SBS Granite opt 4%
64-28:M1:4:LM 64-28 SBS Limestone opt 4%
64-22:U1:4:GR 64-22 Unmodified 1 Granite opt 4%
64-22:U1:4:LM 64-22 Unmodified 1 Limestone opt 4%
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Figure 1. Typical stress-temperature curve from TSRST.

Differences between specimens in the same cell can be seen in Figure 2. For example, for
MnROAD 35 there are two different fracture temperatures. The first two specimens have an average
fracture temperature of −26◦C while the other two (e.g. #3 and #4) have an average fracture
temperature of −33.3◦C.
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Table 3. TSRST results for field specimens.

PG Fracture Fracture dS/dT Trans.
ID # binder T. (◦C) Str. (MPa) (MPa/◦C) T. (◦C) Gs Abs. (%)

WI US 45 1 58-34 −26.1 3.189 0.137 −10.8 2.37 0.072
WI US 45 2 58-34 −15.4 1.145 0.091 −10.0 2.36 0.086
MnROAD 03 1 58-28 −26.8 3.121 0.213 −16.2 2.39 0.058
MnROAD 03 2 58-28 −27.9 3.128 0.187 −15.6 2.37 0.045
MnROAD 19 1 64-22 −22.3 2.239 0.147 −12.6 2.28 0.048
MnROAD 19 2 64-22 −24.4 2.873 0.159 −10.0 2.29 0.061
MnROAD 19 3 64-22 −25.6 2.158 0.120 −11.0 2.30 0.073
MnROAD 19 4 64-22 −26.9 3.139 0.235 −20.2 2.33 0.060
MnROAD 33 1 58-28 −23.3 2.322 0.153 −14.6 2.35 0.079
MnROAD 33 2 58-28 −25.4 2.255 0.138 −14.8 2.36 0.089
MnROAD 33 3 58-28 −26.6 2.802 0.165 −14.6 2.38 0.087
MnROAD 33 4 58-28 −29.0 3.177 0.219 −22.3 2.36 0.069
MnROAD 34 1 58-34 −32.8 3.750 0.291 −25.9 2.35 0.049
MnROAD 34 2 58-34 −32.9 4.014 0.258 −25.2 2.37 0.078
MnROAD 34 3 58-34 −23.8 1.486 0.101 −13.6 2.38 0.039
MnROAD 34 4 58-34 −33.8 3.731 0.237 −23.9 2.36 0.049
MnROAD 35 1 58-40 −26.5 1.698 0.081 −14.8 2.37 0.083
MnROAD 35 2 58-40 −25.5 1.705 0.096 −19.6 2.37 0.052
MnROAD 35 3 58-40 −34.8 1.101 0.037 −14.8 2.36 0.046
MnROAD 35 4 58-40 −31.8 2.716 0.173 −24.2 2.37 0.071
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Figure 2. TSRST fracture temperature for field specimens.

The coefficient of variation for the fracture strength measurements (e.g. 33%) is significantly
higher compared to the coefficient of variation for the fracture temperature (e.g. 16%). This is one
of the reasons fracture temperature instead of fracture strength is used to rank the low temperature
resistance of the samples. On average the best performance for low temperature cracking was
MnROAD 34 with the PG 58-34 binder. The least resistant to thermal cracking was MnROAD 19
with a PG 64-22 binder as it was expected because it has the highest lower limit grade.
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3.2 Laboratory specimens

Table 4 presents the results for the laboratory prepared mixtures. Fracture temperature, fracture
strength, dS/dT, transition temperature, specific gravity and absorption for each specimen are
shown in Table 4. The average fracture temperature for the laboratory specimens was −30.3◦C.
The lowest fracture temperature was −38.9◦C and the highest was −25.0◦C. Again the fracture
strength shows more variability than the fracture temperature. The maximum and minimum fracture
strength was 6.21 MPa and 1.14 MPa, respectively.

Based on the fracture temperature, on average the laboratory mixture that performed the best
was 58-40:M1:4:GR:+0.5AC. The least satisfactory mixture in low temperature resistance was
64-22:U1:4:GR. As expected, the mixture containing binder with the highest lower limit grade
(e.g. −22) was ranked as the lowest in thermal cracking resistance. Figure 3 shows the average
fracture temperature for each laboratory prepared mixture. There is a high correlation between
the lower PG grade of the asphalt binder and the resistance to low temperature of the mixture
as it was expected. The best binder was PG 58-40 with the SBS modifier, followed by the PG
64-34 Elvaloy binder. Moreover for these mixtures, 4% of air void are better than 7%. The highest
fracture temperatures were obtained for PG 64-22 and PG 58-28 unmodified binders. Additionally,
on average the mixtures containing granite as aggregate performed slightly better than the mixture
with limestone.

3.3 Statistical analysis

The correlation factors between the parameters obtained during TSRST testing for the laboratory
prepared specimens were calculated. Correlation factors more than 2/n0.5 where n is the number of
samples indicates high correlation between the parameters. Table 5 shows the correlation factors
for the TSRST test parameters. Factors larger than 0.27 (n = 54) are significant and are presented
in bold.

Fracture strength has a negative correlation with fracture. The lower PG grade for the binder has
a positive correlation with fracture temperature. As it was expected the correlation is significant.
Additionally, according to the correlation factors the fracture strength is proportional to dS/dT and
the specific gravity. Thus, specimens with a higher density will break at a higher thermally induced
tensile load. Moreover, the fracture strength is inversely proportional to the transition temperature,
air void content and the PG–lower limit. Thus, it is recommended to use lower air void content
and a lower performance grade limit to obtain a better low temperature cracking performance of
the mixture. Another important observation from Table 5 is that the slope of the linear part of the
stress temperature curve (e.g. dS/dT) becomes steeper as the transition temperature decreases.

4 ACOUSTIC EMISSION MONITORING

Acoustic emission monitoring has been used extensively to characterize the microscopic fracture
processes and to evaluate damage growth in materials. In asphalt mixture area AE was used by
several researchers to investigate the cracking mechanism: Maji et al. (1990), Valkering and Jon-
geneel (1991), Chang (1994), Wang (1995), Qin (1995), Sinha (1998), Hesp et al. (2001), Cordel
et al. (2003), Li and Marasteanu (2004) and Wendling et al. (2004).

Recently, Li and Marasteanu (2006) used eight AE sensors to monitor the failure process during
semi circular bend (SCB) testing at low temperature. Sauzéat et al. (2007) performedThermal Stress
Restrained Specimen Tests (TSRST) on asphalt mixtures with AE monitoring using two sensors.
In this paper a preliminary evaluation of the failure process in TSRST testing was performed using
eight AE sensors.

4.1 Materials and test results

Six samples from MnROAD cells 03,19,33,34 and 35 and one sample prepared in the labora-
tory (58-34:M1:4:LM) were monitored. The AE signals were recorded using four PCI-5112 DAQ
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Table 4. TSRST results for laboratory specimens.

Fracture Fracture dS/dT Trans.
ID # T. (◦C) Str. (MPa) (MPa/◦C) T. (◦C) Gs Abs. (%)

58-40:M1:4:GR 1 −31.0 4.049 0.573 −25.2 2.29 0.113
58-40:M1:4:GR 2 −36.8 4.078 0.543 −31.2 2.33 0.062
58-40:M1:4:GR:+0.5AC 1 −38.9 6.207 0.993 −34.5 2.36 0.044
58-40:M1:4:GR:+0.5AC 2 −29.6 3.557 0.829 −26.2 2.36 0.031
58-40:M1:4:LM 1 −34.8 2.959 0.322 −26.3 2.37 0.159
58-40:M1:4:LM 2 −31.7 4.012 0.673 −27.5 2.33 0.117
58-34:M1:4:GR 1 −30.9 3.005 0.393 −27.1 2.32 0.076
58-34:M1:4:GR 2 −27.9 3.200 0.397 −25.1 2.32 0.051
58-34:M1:4:GR 3 −32.8 4.323 0.303 −24.7 2.28 0.097
58-34:M1:4:GR:+0.5AC 1 −31.6 3.279 0.381 −25.1 2.32 0.085
58-34:M1:4:GR:+0.5AC 2 −28.1 2.040 0.828 −27.0 2.34 0.077
58-34:M1:4:LM 1 −31.1 3.834 0.533 −25.5 2.37 0.112
58-34:M1:4:LM 2 −34.1 3.289 0.322 −25.5 2.36 0.111
58-34:M1:4:LM 3 −32.6 2.862 0.259 −26.7 2.36 0.118
58-34:M1:4:LM 4 −26.6 2.531 1.415 −25.5 2.36 0.111
58-34:M2:4:GR 1 −27.0 3.156 1.704 −25.5 2.30 0.077
58-34:M2:4:GR 2 −34.6 2.764 0.496 −32.0 2.28 0.103
58-34:M2:4:LM 1 −32.3 3.167 0.537 −29.3 2.32 0.139
58-34:M2:4:LM 2 −25.6 1.968 0.986 −24.7 2.30 0.115
58-28:U1:4:GR 1 −28.0 2.636 0.509 −25.7 2.31 0.166
58-28:U1:4:GR 2 −31.1 2.585 0.215 −25.2 2.31 0.095
58-28:U1:4:GR:+0.5AC 1 −31.0 3.020 0.228 −23.0 2.32 0.110
58-28:U1:4:GR:+0.5AC 2 −31.8 3.271 0.224 −22.4 2.33 0.059
58-28:U1:4:LM 1 −25.5 1.136 0.410 −24.9 2.37 0.087
58-28:U1:4:LM 2 −27.3 1.818 0.236 −25.2 2.37 0.088
58-28:U1:4:LM:+0.5AC 1 −27.6 2.555 0.503 −25.9 2.38 0.087
58-28:U1:4:LM:+0.5AC 2 −28.5 2.789 0.502 −26.6 2.40 0.150
58-28:U1:7:GR 1 −34.2 2.293 0.342 −29.9 2.16 2.170
58-28:U1:7:GR 2 −31.5 2.156 0.302 −27.0 2.16 2.126
58-28:U1:7:GR:+0.5AC 1 −27.4 2.104 0.160 −20.7 2.26 0.262
58-28:U1:7:GR:+0.5AC 2 −29.4 2.550 0.293 −25.7 2.26 0.254
58-28:U1:7:LM:+0.5AC 1 −30.8 1.990 0.181 −26.0 2.24 0.570
58-28:U1:7:LM:+0.5AC 2 −27.7 1.351 0.114 −20.1 2.27 0.345
58-28:U2:4:GR 1 −32.7 3.012 0.215 −21.6 2.30 0.212
58-28:U2:4:GR 2 −31.8 2.969 0.201 −21.4 2.31 0.135
58-28:U2:4:LM 1 −26.7 1.670 0.182 −22.1 2.33 0.082
58-28:U2:4:LM 2 −26.8 1.859 0.258 −23.6 2.32 0.084
64-34:M1:4:GR 1 −30.8 3.090 0.197 −20.3 2.32 0.120
64-34:M1:4:GR 2 −26.7 3.268 1.263 −25.5 2.31 0.103
64-34:M1:4:LM 1 −32.7 2.934 0.221 −25.5 2.37 0.088
64-34:M1:4:LM 2 −33.8 3.656 0.321 −28.7 2.36 0.108
64-34:M2:4:GR 1 −26.8 3.184 1.126 −25.1 2.32 0.117
64-34:M2:4:GR 2 −34.3 2.669 0.214 −25.3 2.31 0.155
64-34:M2:4:LM 1 −31.3 3.972 0.702 −27.5 2.32 0.121
64-34:M2:4:LM 2 −33.6 2.992 0.343 −29.5 2.33 0.115
64-28:U1:4:GR 1 −31.0 2.958 0.221 −22.1 2.30 0.169
64-28:U1:4:GR 2 −30.7 3.205 0.229 −21.9 2.31 0.078
64-28:U1:4:LM 1 −28.1 2.468 0.185 −22.7 2.33 0.115
64-28:U1:4:LM 2 −27.7 2.331 0.172 −19.6 2.34 0.096
64-28:M1:4:GR 1 −31.0 3.164 0.475 −26.8 2.31 0.351
64-28:M1:4:GR 2 −29.3 3.032 0.689 −26.6 2.29 0.921
64-28:M1:4:LM 1 −28.3 2.629 0.397 −26.4 2.32 0.135
64-22:U1:4:GR 1 −26.8 2.821 0.209 −19.6 2.30 0.247
64-22:U1:4:GR 2 −25.0 3.023 0.206 −18.5 2.32 0.140
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Figure 3. Average fracture temperature for laboratory specimens.

Table 5. Correlation matrix for TSRST test parameters.

Frac_T 1
Frac_Str −0.600 1
PG-LL 0.499 −0.580 1
Air void 0.015 −0.367 0.276 1
Gs 0.050 0.214 −0.283 −0.736 1
Abs −0.130 −0.220 0.254 0.644 −0.763 1
dS/dT 0.179 0.290 −0.463 −0.237 0.146 −0.109 1
Trans_T 0.585 −0.418 0.580 0.039 −0.038 −0.163 −0.383 1

Frac_T Frac_Str PG-LL Air void Gs Abs dS/dT Trans_T

cards (National Instruments). Each card had two independent channels which acquired AE signals
detected by eight piezoelectric S9225 sensors (Physical Acoustics Corporation). Two sensors were
mounted on each side of the specimen using M-Bond 200. The preamplification of the AE signals
was provided by eight 1220C preamplifiers with a gain of 40 dB. One of the sensors was used as
a trigger and the trigger level changed between 10–14 mV for different specimens to investigate
the effect of the chamber noise during testing on the acoustic events recorded. The wave velocity
of the asphalt mixtures needed for the estimation of the location of the events was determined by
generating an elastic wave by pencil lead (0.5 mm diameter) breakage on one of the sides of the
specimens. The recorded events number for the seven specimens tested using AE was between 304
and 9650. The recorded event number changed with test sample and trigger level; the lower the
trigger level the higher the number of events obtained. Plots of thermal stress and AE event count
as a function of the temperature for the field specimens are shown in Figures 4–6.

It is observed that the AE event count curve and the thermal stress curve follow similar trends
with respect to temperature. Significant amount of AE events are observed after the transition
temperature is reached indicating that no significant damage occurs in the specimen at temperatures
higher than the transition temperature. It is also noted that the accumulations of AE events is
negligible for stresses lower than 20–30% of the fracture strength. This shows that very little
intrinsic damage occurs in this period of loading.
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Figure 4. TSRST and acoustic emission monitoring for MnROAD cells 03 and 33.

MnROAD cell 19 #1

0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

4.0

-35 -25 -15 -5 5 15

Temperature (°C)

S
tr

es
s 

(M
P

a)

0

50

100

150

200

250
# 

o
f 

A
E

 e
ve

n
ts

Stress
Event Count

Stress
Event Count

MnROAD cell 19 #2

0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

4.0

-35 -25 -15 -5 5 15

Temperature (°C)

S
tr

es
s 

(M
P

a)

0

20

40

60

80

100

120

# 
o

f 
A

E
 e

ve
n

ts

Figure 5. TSRST and acoustic emission monitoring for MnROAD cell 19.
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Figure 6. TSRST and acoustic emission monitoring for MnROAD cells 34 and 35.

Figure 7 shows the AE event count and location for the laboratory prepared sample.
The equations and methodology used to estimate the events location is described in detailed by

Li and Marasteanu (2006).
It is observed that the AE event count curve mimic the behavior of the thermal stress curve

obtained with TSRST. The recorded events are localized around the center of the specimen which
corresponds to the location of the distinct fracture plane observed after completion of the test.
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Figure 7. TSRST and acoustic emission monitoring for 58-34:M1:4:LM.

5 CONCLUSIONS AND GENERAL COMMENTS

Based on the experiments performed the following conclusions can be drawn

• As expected, the PG 58-40 mixture performed the best while the PG 58-28 and PG 64-22 mixtures
performed the worst in TSRST

• Mixtures with 4% air void content performed better than mixtures with 7% air void.
• On average the granite mixtures performed slightly better than the limestone mixtures.
• For the field samples, the best performance was obtained for MnROAD cell 34 with PG 58-34

binder. MnROAD cell 19 with PG 64-22 binder was the worst performer.
• TSRST results ranking were consistent with the rankings based on asphalt binder performance

grade.
• AE event count curve and thermal stress curve follow similar trends. The accumulation of AE

events is negligible for stresses lower than 20-30% of the fracture strength.
• The localization of AE events is an important tool in understanding the process of fracture

initiation and propagation Interpretation of the localization of AE events should be done with
caution because of the limitations and assumptions of the algorithm used to estimate the location
of each AE event, problems such as reflection of the stress waves at the edges of the specimens
are not taken into account.
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Measurement and effective evaluation of crack growth in
asphalt mixtures
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ABSTRACT: A cyclic semi-circular bending beam test was used to study the crack propagation
characteristics of two materials: a cold emulsion asphalt and its hot mix equivalent. Linear elastic
fracture mechanics principles were used in the analysis which evaluated the materials’ stress inten-
sity factor and the Paris Law constants. Two approaches were adopted in interpreting crack growth:
a simple straight line method and an effective, more accurate crack path depiction. Results showed
that the cold mixture crack growth rate is less sensitive to applied stress than that of the hot asphalt.
Although crack growth rate was found higher with the effective interpretation method, the influence
of the two methods on the Paris Law parameters for both materials was found insignificant, given
the observed data scatter.

1 INTRODUCTION

Fatigue cracking of asphaltic materials is a predominant distress mode that is assessed in the
laboratory in a variety of ways. Fracture mechanics tests have been increasingly used to depict
crack propagation in asphalt based on linear elastic analysis. Irwin (1957) introduced the stress
intensity factor, K, to uniquely define the stress field at the crack tip. In pure tension loading
referred to as mode I, Paris & Erdogan (1963) found that the crack growth rate is a function of the
stress intensity factor, KI, of that loading mode. The relationship between KI and crack growth rate
is commonly known as the Paris Law.

Much interest has recently been witnessed in the semi-circular bending (SCB) test as a laboratory
tool to study the resistance to crack propagation of asphalt mixtures. A European draft standard
(CEN 2005) has been issued that adopts the SCB in a monotonic mode to determine the fracture
toughness of notched and un-notched cylindrical specimens. The work reported in this paper aims
to use a cyclic SCB test to study crack propagation properties of two materials: a cold asphalt and an
equivalent hot applied mixture. It focuses on the evaluation of crack growth in the asphalt mixtures
using two approaches and the impact of each approach on the resulting Paris Law parameters.
The work forms part of a larger study to investigate the healing characteristics of cold asphalt and
compare them to those of a conventional hot mixture.

2 MATERIALS AND SPECIMEN PREPARATION

Two asphalt mixtures were used in the study: a Cold Emulsion Asphalt Mixture (CEAM) and its
Hot Mixture Equivalent (HME). A cationic emulsion was used in the CEAM comprising a 160/220
Pen bitumen on an approximately 60/40 binder/water basis and doleritic aggregates from a quarry
in Scotland. The HME comprised the same aggregates and a 160/220 Pen bitumen. Furthermore,
the same continuously graded, 14 mm maximum nominal size aggregate blend was used.

CEAM specimens were prepared by mixing the aggregates with the emulsion at ambient tem-
perature to give a residual binder content of 4% by weight of the total mixture. The amount of
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Figure 1. Schematic of the cyclic semi-circular bending beam test.

added water by total weight of mixture was 7% approximately. After mixing, the material was com-
pacted in 153 mm diameter split cylindrical moulds to a thickness of 65 mm using a double plunger
static compaction method. The moulds had a perforated base plate to allow water to escape during
compaction. After extrusion from the moulds, the specimens were cured in a fan assisted oven at
35◦C until no further changes in mass were observed, i.e. fully cured. Volumetric determinations
on these specimens gave an average void content of 18.6%.

HME specimens, on the other hand, were prepared by mixing the same aggregates for the CEAM
with the bitumen at 155◦C at a binder content of 4% by weight of the total mixture. The material
was then compacted to 305 × 305 × 65 mm3 slabs using a laboratory-roller compactor. Cylindrical
specimens of 153 mm diameter and 65 mm thickness were then cored from the slabs. Volumetric
determinations on these specimens gave an average void content of 7.3%.

Cylindrical samples of the two mixtures, of 153 mm diameter, D, and 65 mm thickness, t, were
then cut in half to obtain the desired SCB specimens. These were then notched at the mid-point
in the direction of the load using a diamond-tip saw tile cutter. Notch length, a0, was 15 mm
approximately, which gave a notch to radius ratio, a0/r, of 0.2.

3 CYCLIC SEMI-CIRCULAR BENDING TEST

A Cyclic semi-circular bending (CSCB) test was carried out using a servo-pneumatic loading
machine. The machine applied a haversine cyclic load at a selected constant amplitude of 0.5 kN
and frequency of 1 Hz to the top of the SCB specimen, which was symmetrically supported by two
rollers. The span, 2 s, shown in the CSCB test schematic in Figure 1 was 122 mm, which gave a
span to diameter ratio, 2 s/2r, of 0.8. A picture of the test setup is shown in Figure 2.

A load cell was used to measure the load amplitude, �P, the maximum load, Pmax, and the
minimum load, Pmin, which is the contact load, during each loading cycle. Figure 3 shows the
applied load during a CSCB test on an HME specimen.

The displacement measuring system consisted of two Kaman KD-2300 2S non-contact sensors.
The sensors measured the crack mouth opening displacement (CMOD) and the vertical displace-
ment, δ, at the mid-point of the specimen, as shown in Figure 1. These non-contact sensors use
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Figure 2. Cyclic semi-circular bending test setup.
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Figure 3. Permanent CMOD and δ for an HME specimen.

inductive, i.e. electromagnetic, technology to determine the position of a target relative to the
sensor. They had a range of 0 to 5 mm and a resolution of 0.25 µm.

For this type of sensors, target material and dimensions are paramount for good performance.
The main requirement for a target material is that it be conductive. In addition, non-magnetic
materials are recommended. In this work, brass, i.e. non-magnetic, targets of 15 mm diameter and
0.8 mm thickness were used. Furthermore, holders glued to the specimens were used to position
the sensors and targets, as seen in Figure 1.

The two sensors measured both permanent and resilient displacements. The permanent, non-
recoverable displacement was defined as that accumulated after each load cycle. The resilient
displacement, on the other hand, was defined as the difference between the maximum and minimum
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Figure 4. Resilient CMOD and δ for an HME specimen.

displacements in one load cycle, i.e. peak-to-peak displacement. Permanent and resilient CMOD
and δ for a CSCB test corresponding to the HME are presented in Figures 3 and 4.

4 CRACK PROPAGATION MEASUREMENT

Crack propagation was monitored by a Marlin F-080B digital camera fitted with a 35 mm lens
and capable of operating at 20 fps. The camera was positioned on a tripod 0.5 m away from the
specimen, as seen in Figure 2. The specimen and test frame were inside a temperature control
cabinet with a double glazed door. The door contained a heating element to avoid condensation.
Furthermore, all tests were performed at a temperature of 5◦C.

A software program triggered the camera to take a frame as δ, measured by the sensor, increased
by 0.1 mm. The same program copied, named and stored the photo files on the hard disc as they
were taken. As the sensor range was 5 mm, the maximum number of photos taken during a single
test was 50 (5 mm/0.1 mm). It should be noted, however, that for some specimens failure occurred
before this displacement level was reached.

An image analysis program was also developed to measure crack length. The procedure adopted
in this study was based on the number of pixels from the start to the end of the crack following
two methods: a straight line and an effective crack path, i.e. length along the actual crack path.
To account for the position of the specimen relative to the camera, a 25 mm marker was stuck to
the specimen. The specimens were painted in white using an emulsion-based paint to facilitate the
location of the crack. The digital photographs were 1024 × 770 pixels in size.

Figure 5 shows a typical photograph of a cracked SCB specimen taken during a test. It can be seen
that the crack started to propagate from the tip of the notch where the concentration of stresses was
highest. The crack tended to propagate in the direction of the applied load, thus, perpendicular to
the maximum principal tensile stress. Also shown on the figure are the two methods adopted in this
paper to monitor crack growth, namely a straight line and an effective crack length measurement.

The evolution of the crack length in both methods with number of cycles during a CSCB test is
shown in Figure 6. For both interpretation methods, the HME shows discontinuous, step-wise crack
propagation in a manner that is in line with the recommendations made by Zhang et al. (2001). The
CEAM, however, shows a continuous crack growth more akin to Paris Law and consistent with
results shown in a study by Roque et al. (1999). Differences in crack path for the two materials
may be attributed to mixture volumetrics.
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Figure 5. Typical CSCB test photo showing crack growth interpretation.
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Figure 6. Crack length growth for an HME specimen by the two interpretation methods.

5 THEORY AND ANALYSIS

Linear Elastic Fracture Mechanics (LEFM) analysis has been used to characterise crack growth
rate by means of the well known Paris Law (Paris & Erdogan 1963), which is given by the following
expression:

where da/dN = crack growth rate; �KI = mode I stress intensity factor range (Kmax − Kmin);
A, n = constants depending on the material and on the test conditions; a = crack length; and N = no.
of cycles.
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For a SCB specimen, the mode I stress intensity factor range, �KI , is given by (Lim et al. 1993):

where �P = applied load range (Pmax − Pmin); r = specimen radius; t = specimen thickness; and
YI = normalised mode I stress intensity factor.

Based on finite element analysis, Lim et al. (1993) determined analytical expressions for YI for
different specimen configurations. For instance, when s/r = 0.8, as in the current study, YI can be
expressed as follows:

The determination of the Paris Law constants, A and n in Equation (1), involves the calculation of
the crack growth rate, da/dN, and the mode I stress intensity factor range, �KI, for the corresponding
crack length values. Different techniques have been used to determine crack growth rate. For
instance, the British and US standards for metallic materials (BSI 2002, ASTM 2005) suggest
using either a secant method, in which da/dN is determined from the slope of a line joining two
adjacent points, or an incremental polynomial approach, in which a second order polynomial is
fitted to sets of successive data points. For asphalt materials, on the other hand, some researchers
(Jacobs et al. 1996, Roque et al. 1999) have fitted a third-order polynomial to the crack growth
phase which was then numerically differentiated.

The procedure used in this work was the secant method. In this method, a line is fitted to two
adjacent points and the slope of the line is the crack growth rate, da/dN. Furthermore, the average
crack length of the interval is used to calculate the corresponding �KI value, which is given by
Equation (2). Although this method is very simple, it also exhibits the most scatter in da/dN values.
Nevertheless, it is the accurate determination of the crack length and not the method to determine
its rate that determines the scatter. The crack growth rate was plotted against �KI on a log-log scale
and a straight line was fitted to the data to determine the Paris law constants, A and n. The slope
of this line defines n. The constant A is the crack growth rate, da/dN, at a mode I stress intensity
factor of 1 Nmm−3/2.

Figures 7–10 show the relationship between the mode I stress intensity factor range, �KI , and
crack growth rate, da/dN, for the two materials used following the two interpretation methods
for crack growth measurement. From the relationships in these figures, the Paris Law constants,
A and n, have been determined based on composite values from replicate tests and are presented in
Table 1. Composite values of A and n have been found by the authors and other workers to provide
better estimates of the true values than those obtained from single specimens (Artamendi & Khalid
2008, Roque et al. 1999).

Table 1 shows that the two crack growth interpretation methods did not have a significant effect
on the Paris Law constants, given the degree of scatter observed. From the lower n values obtained
for the CEAM, it may be inferred that its crack growth has a lower sensitivity to applied load
than the HME material. A detailed analysis of variance is in order to adjudge the significance
of the difference in the obtained n values of the two materials. However, the observed dispersion
of the data might suggest that the difference is insignificant. The n values obtained in this study lie
between 1 and 2. Although the literature did not reveal any Paris Law parameters for cold asphalt,
Sewell et al. (2000) reported n values between 1 and 8 for a High Modulus Base mixture from
Compact Tension tests conducted at 10–25◦C.
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Figure 7. Relation between crack growth rate and stress intensity factor for the HME mixture using the
straight line method to evaluate crack length.
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Figure 8. Relation between crack growth rate and stress intensity factor for the HME mixture using the
effective method to evaluate crack length.

6 CONCLUSIONS

The cyclic semi-circular bending test developed in this work was found suitable to study the
resistance to crack growth of a cold asphalt mixture and its hot mix equivalent using linear fracture
mechanics principles. A marked dispersion in the data was observed in the evaluation of the
Paris Law constants, A and n, for the two materials studied. Two procedures were adopted to
interpret the crack growth: a straight line method and an effective crack growth approach. Despite
the lack of statistical analysis of variance, the data scatter for the two approaches did not show
a significant difference in the Paris Law parameters of the two materials. Notwithstanding the
insignificant difference, the authors believe the effective crack length approach provides a more
accurate depiction of crack propagation through the material than the straight line method.
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Figure 9. Relation between crack growth rate and stress intensity factor for the CEAM mixture using the
straight line method to evaluate crack length.
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Figure 10. Relation between crack growth rate and stress intensity factor for the CEAM mixture using the
effective method to evaluate crack length.

Table 1. Paris law constants for the HME and CEAM materials from the two interpretation methods.

Straight line crack growth Effective crack growth

Material A n R2 A n R2

HME 0.00017 1.62 0.62 0.00027 1.59 0.60
CEAM 0.00060 1.30 0.80 0.00011 0.82 0.69

ACKNOWLEDGEMENTS

The authors are greatly indebted to Colas Ltd., and especially to Mr John Richardson, for the
financial and technical support given to pursue this study. The authors are also grateful for the
assistance given by Mr Bassey Okon in interpreting the crack growth photographs.

424



REFERENCES

Artamendi, I. & Khalid H.A. 2008. Laboratory assessment of crack growth in cold emulsion asphalt mixtures.
Submitted to the ISAP International Symp. on Asphalt Pavements and Environment, Zurich.

ASTM. 2005. Standard test method for measurement of fatigue crack growth rates. ASTM Standard E647-05.
Annual Book of ASTM Standards, vol. 3.01, American Society for Testing & Materials.

BSI. 2002. Metallic materials: Fatigue testing; Fatigue crack growth method. BS ISO 12108. British Standards
Institution, London.

CEN. 2005. Test methods for hot mix asphalt – Crack Propagation by Semi-Circular Bending Test. prEN
12697-44. Comité Européen de Normalisation, Brussels.

Irwin, G.R. 1957. Analysis of stresses and strains near the end of the crack traversing a plate. Journal ofApplied
mechanics 24: 361–364.

Jacobs, M.M.J., Hopman, P.C. & Molenaar, A.A.A. 1996. Application of fracture mechanics principles to
analyse cracking in asphalt concrete. Journal of the Association of Asphalt Paving Technologists 65: 1–39.

Lim, I.L., Johnson I.W. & Choi S.K. 1993. Stress intensity factors for semi-circular specimens under three-point
bending. Engineering Fracture Mechanics 44(3): 363–382.

Paris, P.C. & Erdogan, F.J. 1963. A critical analysis of crack propagation laws. Transactions of the ASME,
Journal of Basic Engineering, Series D, 85 (3).

Roque, R., Zhang, Z. & Sankar, B. 1999. Determination of crack growth rate parameters of asphalt mixtures
using the superpave IDT. Journal of the Association of Asphalt Paving Technologists 68: 404–433.

Sewell, A.J., Collop, A.C., Thom, N.H. & Brown, S.F. 2000. Assessing crack growth in high modulus base
materials. 2nd Eurasphalt & Eurobitume Congress. Barcelona, Spain: 819–826.

Zhang, Z., Roque, R., Birgisson, B., & Sangpetngam, B. 2001. Identification and verification of a suitable
crack growth law. Journal of the Association of Asphalt Paving Technologists 70: 206–236.

425





Pavement Cracking – Al-Qadi, Scarpas & Loizos (eds)
© 2008 Taylor & Francis Group, London, ISBN 978-0-415-47575-4

Evaluation of fracture properties of hot mix asphalt

L.N. Mohammad & M.D. Kabir
Louisiana State University, Baton Rouge, Louisiana, USA

S. Saadeh
California State University, Long Beach, California, USA

ABSTRACT: One of the major distresses that occur to Hot Mix Asphalt (HMA) is fatigue crack-
ing. It is believed that fatigue cracking occurs due to repeated traffic loading which induce high
tensile stresses at the bottom of the asphalt layer. Recently, pavement engineers and researchers
have expressed great concern over the cracking of flexible pavements under various traffic loading
and environmental conditions.

The fracture properties of three asphalt mixtures containing three binder types will be evaluated
in this study. Three binders were used, PG 76-22, PG 70-22 polymer modified asphalt and PG
64-22 unmodified binder. Two tests will be used to characterize the mixtures’ fractural properties
including Indirect Tensile Strength (ITS) and Semi-Circular Bend (SCB).

The fracture properties in the ITS test are evaluated using the ultimate indirect tensile strength,
strain, and the toughness index. The fracture resistance of the mixtures in the SCB test is measured
using the J-integral approach. The results from the three tests are analyzed and compared. For both
tests ITS and SCB test, aged specimens achieved lower fracture properties than that for the unaged
specimens. Good correlation was observed between the Toughness Index (TI) from the ITS test
and the Jc from the SCB test.

Keywords: Fracture Energy, Indirect Tensile strength, Semi Circular Bend Test, Hot Mix Asphalt.

1 INTRODUCTION AND BACKGROUND

One of the major distresses that occur to Asphalt Concrete (AC) is fatigue cracking. It is believed
that fatigue cracking occurs due to repeated traffic loading which induce high tensile stresses
at the bottom of the asphalt layer. Recently, pavement engineers and researchers have expressed
great concern over the fracture properties of flexible pavements under various traffic loading and
environmental conditions.

The indirect tensile strength test is the most traditional test method used to evaluate the fracture
properties of asphalt mixture in laboratory, and has been used in some cracking characteristics study
as well [1,2]. During ITS test, the specimen is loaded till failure and the load and deformation is
continuously recorded, and then the indirect tensile strength and the corresponding strain can be
computed.

Chong and his group proposed to use a semi-circular core specimen with a single edge notch,
subjected to three point loading [3]. Recently, this Semi-Circular Bend (SCB) test has been intro-
duced to pavement material area, and many research projects have applied this method to investigate
the fracture property of different kind of asphalt mixtures [2, 4, 5, 6, 7]. The SCB can be a potential
test to further explore the material fracture properties.
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2 OBJECTIVES AND SCOPE

The primary objective of this study is to investigate and compare the fracture properties of asphalt
mixtures with different binder types that are commonly used in Louisiana. A polymer modified
asphalt cement meeting Louisiana specifications for PG 76-22M, PG 70-22M, and an unmodified
PG 64-22 were used. For each binder a 19.0 mm Level 2 HMA mixture was designed and examined.
Siliceous limestone aggregates that are commonly used in Louisiana were included in this study.
Indirect tensile strength test and Semi-Circular Bend (SCB) test were conducted to define the
fracture properties of HMA mixtures. Triplicate samples were used.

3 EXPERIMENTAL DESIGN

3.1 Asphalt cement

Table 1 presents the three asphalt cement binders that were used in this study. The first and second
binders contain SB polymer modified asphalt cement meeting Louisiana specifications for PG 76-
22M and PG 70-22M, where as the third contained an unmodified PG 64-22. It has to be mentioned
that Louisiana DOTD specifies higher requirement for the PG 64-22 binder (i.e G∗/Sin Delta is
higher).

3.2 Mixture design

Table 2 presents the Job Mix Formula (JMF) for the three 19.0 mm HMA mixtures. A Louisiana
Superpave Level 2 design (Ninitial = 8-, Ndesign = 100-, Nfinal = 160-gyrations) was performed
according to AASHTO TP28, “Standard Practice for Designing Superpave HMA” and Section
502 of the 2000 Louisiana Standard Specifications for Roads and Bridges [8]. Specifically, the
optimum asphalt cement content was determined based on the following volumetrics (Voids in total
mix (VTM) = 2.5–4.5 percent, Voids in Mineral aggregate (VMA) ≥12%, Voids filled withAsphalt
(VFA) = 68%–78%) and densification (%Gmm at Ninitial ≤ 89, %Gmm at Nfinal ≤ 98) requirements.
It is noted that the aggregate structure for all the mixtures considered was similar. Crushed siliceous
limestone aggregates were used in this study.

3.3 Test factorials

Indirect tensile strength test (ITS) and Semi-Circular Bend Test were conducted in this study.
Triplicate samples were used for each test. Table 3 presents the test factorials adopted in this study.
Indirect tensile strength test and semi circular bend test were used to examine the fracture properties
of asphalt mixtures. The tests were performed on aged and unaged mixtures. Mixture aging was
performed according to AASHTO PP2 [9] by placing compacted specimen in forced draft oven for
five days at 85◦C.

3.4 Specimen preparation

Two sizes of specimens were fabricated one for the ITS and the other for SCB. These include
101.6 mm (4 inch) in diameter and about 63.5 mm (2.5 inch) high and 150 mm (5.91 inch) diameter
by 57 mm (2.24 inch) high cylindrical specimens. The specimens were compacted with the Super-
pave Gyratory Compactor (SGC). The 101.6 mm (4 inch) in diameter and about 63.5 mm (2.5 inch)
high cylindrical specimens was prepared for indirect tensile strength. The SCB test specimens were
prepared by slicing the 150 mm (5.91 inch) by 57 mm (2.24 inch) high cylindrical specimens along
their central axes into two samples. Figure 1 provides the geometry of a SCB specimen used in this
study. A vertical notch was then introduced along the symmetrical axis of each SCB specimen in
order to study the true fracture properties of asphalt mixtures with regard to the crack propagation.
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Table 2. JMF for the three 19.0 mm HMA mixtures.

Mixture Designation 64CO M70CO M76CO

Mix Type 19 mm Superpave
Binder type PG 64-22 PG 70-22M PG 76-22M
% Gmm at NI 87 87 87
% Gmm at ND 96.3 96.3 96.3
% Gmm at NM 97.6 97.6 97.6
Binder content, % 4 4 4
Design air void, % 3.7 3.7 3.7
VMA, % 12 12 12
VFA, % 68 68 68
Metric (U.S.) Sieve Blend Gradation
37.5 mm (1 1/2 in) 100 100 100
25 mm (1 in) 100 100 100
19 mm (3/4 in) 98 98 98
12.5 mm (1/2 in) 77 77 77
9.5 mm (3/8 in) 61 61 61
4.75 mm (No.4) 41 41 41
2.36 mm (No.8) 29 29 29
1.18 mm (No.16) 21 21 21
0.6 mm (No.30) 15 15 15
0.3 mm (No.50) 8 8 8
0.075 mm (No.200) 4.6 4.6 4.6

Table 3. Test factorial.

Laboratory tests

ITS
Unaged Aged SCF

Mixture Asphalt Unaged Aged

type binder 25◦C 40◦C 25◦C 40◦C 25◦C

64CO PG 64-22 3 3 3 3 3 3
M70CO PG 70-22 3 3 3 3 3 3
M76CO PG 76-22M 3 3 3 3 3 3

The notches were cut using a special saw blade of 3.0 mm thickness. Three nominal notch depths:
25.4 mm, 31.8 mm, and 38 mm, were used. The target air void for all specimens characterized in
this study was 7.0 ± 0.5%.

3.5 Fundamental/simulate engineering property tests

Two fundamental tests were conducted to characterize the three mixtures. A brief review of these
tests is given below.

3.5.1 Indirect tensile strength test
The indirect tensile stress (ITS) and strain test was used to determine the tensile strength and strain
of the mixtures, Figure 1a. This test was conducted at 25◦C and 40◦C. The test specimen was
loaded to failure at a 50.8 mm/min (2 in/min) deformation rate. The load and deformations were
continuously recorded. Figure 1b shows a typical test output. Indirect tensile strength and strain
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Figure 1. (A) Indirect tensile strength test setup, (B) typical results from the indirect tensile strength test,
and (C) a typical normalized ITS curve for toughness index calculations.

were computed as follows:

where,
P = the peak load, lb
D = specimen diameter, in
T = specimen thickness, in
Ht = horizontal deformation at peak load, in

The toughness index (TI), a parameter describing the toughening characteristics in the post peak
region, was also calculated from the indirect tensile test results. Figure 1c presents a typical
normalized indirect tensile stress and strain curve. A dimensionless indirect tensile toughness
index, TI is defined as follows:

where,
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Figure 2. Semi Circular Test Set up and Specimen Configuration.

TI – Toughness index,
Aε – Area under the normalized stress-strain curve up to strain, ε,
Ap – Area under the normalized stress-strain curve up to strain, εp,
ε – Strain at the point of interest, and
εp – Strain corresponding to the peak stress.

This toughness index compares the performance of a specimen with that of an elastic perfectly
plastic reference material, for which the TI remains a constant of one. For an ideal brittle material
with no post-peak load carrying capacity, the value of TI equals zero.

3.5.2 Semi-circular bend (SCB) Test
This test characterizes the fracture resistance of HMA mixtures based on fracture mechanics con-
cept, the critical strain energy release rate, also called the critical value of J-integral, or Jc [9].
Figure 2 shows a three-point bend load configuration used in the test and corresponding dimensions.

To determine the critical value of J-integral (Jc), semi-circular specimens with at least two
different notch depths need to be tested for each mixture. In this study, three notch depths of
25.4 mm, 31.8 mm and 38 mm were selected based on an a/rd ratio (the notch depth to the radius

432



Table 4. Statistical grouping of indirect tensile strength and strain test results.

IT strength (psi) IT strain (%) TI

Un aged Aged Un aged Aged Un aged Aged
Property
Mix Type Mean Group Mean Group Mean Group Mean Group Mean Group Mean Group

Temperature 25◦C
64CO 177.8 A 206.9 A 0.47 C 0.26 B 0.7 C 0.67 B
M70CO 149.7 C 163.4 C 0.94 B 0.53 A 0.92 B 0.82 A
M76CO 163.5 B 187.4 B 1.3 A 0.63 A 1 A 0.86 A

Temperature 40 ◦C

64CO 65.2 A/B 82.2 A 0.68 B 0.59 B 0.76 B 0.78 B
M70CO 61.2 B 67.3 B 0.93 A/B 0.75 B 0.95 A 0.87 A
M70CO 71.6 A 76.8 A 1.22 A 0.97 A 0.98 A 0.91 A

of the specimen) of between 0.5 and 0.75 [10]. For each notch depth three duplicates were used.
Test temperature was selected to be 25◦C. The semi-circular specimen is loaded monotonically till
fracture failure under a constant cross-head deformation rate of 0.5 mm/min in a three-point bend
load configuration, Figure 2. The load and deformation are continuously recorded, as shown in
Figure 2, and the critical value of J-integral (Jc) is determined using the following equation [11]
based on the following equation:

where b is sample thickness, a is the notch depth and U is the strain energy to failure.
In order to obtain the critical value of fracture resistance, Jc, the area under the loading portion

of the load deflection curves, up to the maximum load, was measured for each notch depth and
mixture. This area represents the strain energy to failure, U. The average values of U are then
plotted versus the different notch depths to compute a slope of a regression line, which is the value
of (dU/da) in Equation (4). The critical value of facture resistance, Jc, is then computed by dividing
the dU/da value by the specimen width, b.

4 DISCUSSION OF RESULTS

4.1 Indirect tensile strength test results

The test results were statistically analyzed using the analysis of variance (ANOVA) procedure
provided in the Statistical Analysis System (SAS) program from SAS Institute, Inc. A multiple
comparison procedure with a risk level of 5 percent was performed on the means. The group
column contains the results of the statistical grouping reported with the letters A, B, C, and D.
The letter A was assigned to the highest mean followed by the other letters in appropriate order.
A double (or more) letter designation, such as A/B (or A/B/C), indicates that in the analysis the
difference in the means was not clear-cut, and that the mean was close to either group.

Table 4 presents the mean for the indirect tensile (IT) strength, strain, and toughness index (TI)
results along with their statistical grouping for the 25◦C and 40◦C. In this test, high indirect tensile
strength and strain values at failure are desirable properties for stiff mixtures. For the 25◦C results,
the PG 64-22 binder has the highest IT strength followed by the PG 76-22, then the PG 70-22. This
trend is different for than that for IT strain and TI. In general, the PG 76-22 ranked highest followed
by the PG 70-22 and then the PG 64-22 for the IT Strain and TI. For all mixtures the fracture

433



Table 5. SCB test results.

J-Value per Notch Depth (mm)
Mix Jc
type 25.4 31.8 38 (kJ/m2) R2

64CO Unaged 0.77 0.45 0.37 0.57 0.9
Aged 0.69 0.61 0.33 0.5 0.89

M70CO Unaged 1.02 0.58 0.34 0.96 0.98
Aged 1.02 0.59 0.36 0.92 0.97

M76CO Unaged 1.13 0.75 0.45 0.95 1
Aged 1.11 0.72 0.44 0.93 0.99

properties for the aged specimens were less than that for the unaged specimens. For the 40◦C the
ranking has a similar trend to the results at 25◦C, however, the difference between the parameters
was smaller.

4.2 Semi-circular bend test results

Table 5 presents the average semi-circular bend test results for the critical strain energy, Jc, values.
It is noted that the aged mixture achieved lower critical strain energy than the unaged mixtures
for all mixture. The results also indicate that the critical strain energy for the mixtures containing
modified binders is comparable and higher than that for the unmodified mixture.

4.3 Parameters correlations

Figure 3 presents the correlation between the ITS test parameters (IT Strength, IT Strain, and TI)
tested at 25 and 40◦C and the Semi circular test parameter, Jc. It is noted that the correlation was
highest between the TI from the ITS test and the Jc from the SCB test at both temperatures. This
is an interesting finding as it proves that the SCB test, which is easier to perform and applies more
uniform tensile stress, has a similar trend to the IT toughness index of the traditional ITS test.

5 SUMMARY AND CONCLUSIONS

The fracture properties of three asphalt mixtures containing three binder types were evaluated in
this study. Three binders were used, PG 76-22, PG 70-22 polymer modified asphalt and PG 64-22
unmodified binder. Two tests were conducted to characterize the mixtures’ fractural properties
including Indirect Tensile Strength (ITS) and Semi-Circular Bend (SCB).

The following observations are drawn from this study:

• The IT strength, IT Strain, and TI parameters of the ITS test had ranked the mixtures differently.
The TI is the parameter that best represent the material behaviour since it includes the effect of
IT strength and IT strain.

• For ITS test, aged specimens achieved lower fracture properties than that for the unaged
specimens.

• For the ITS test results, at 40◦C the mixtures achieved comparable ranking to the 25◦C results,
however the difference between the parameters from was smaller.

• For the SCB test the aged mixture achieved lower critical strain energy than the unaged mixtures
for all mixture.

• Good correlation was observed between the TI from the ITS test and the Jc from the SCB test.
This might be contributed to the fact that both TI and Jc are measured based on the stress and
strain responses together.
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Figure 3. Correlation of the SCB test parameter to the ITS test parameters at (A), (B), and (C) 25◦C and (D),
(E), and (F) 40◦C.

• The SCB test is a simple test that applies more uniform tensile stresses than the ITS and yield
good correlation to the ITS parameters.
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ABSTRACT: Currently there is no generally accepted procedure to assess the crack propagation
performance of asphaltic mixes under traffic loading, which requires test equipment that is available
in most (asphalt) laboratories and can be carried out within a relatively short period of time. To fill
this gap, a procedure has been developed in the Netherlands which is based on Paris’ law. Crack
propagation is generated with cyclic semi-circular bending tests performed on notched specimens
at a relatively low temperature. Relationships obtained from finite element analyses are used to
evaluate the test data.

One (artificially aged) asphalt mixture with five different bituminous binders has been assessed
according to the developed procedure. The duration of the crack propagation phase was relatively
short for all binders. However, for four binders there was enough data to determine the parameters
A and n with good confidence. Although not part of the laboratory testing procedure, it is necessary
to also have knowledge about the expected stress intensity factors in the pavement to really enable
comparison of the performance of mixes.

The tensile properties of the five types of bitumen are determined with the force-ductility test.
Although the influence of the ductility properties of bitumen on (thermally induced) reflective
cracking has been demonstrated before, no correlations were found between the parameters from
the asphalt mixture and the force-ductility testing.

The procedure and test results are discussed in the paper. They can be used to further improve
asphalt and bitumen selection criteria for resistance to traffic induced reflective cracking.

1 INTRODUCTION

The effectiveness of (thin) asphalt overlays as maintenance measure for cracked pavements and
the durability of asphalt pavements with stiff, cement treated bases depends amongst others on the
resistance to (reflective) cracking.

To assess the performance with respect to reflective cracking, it is necessary to distinguish
between temperature and traffic induced cracking. In this paper only reflective cracking due to
traffic loading is addressed.

Currently there is no generally accepted procedure to assess the crack propagation performance
of asphaltic mixes under traffic loading, which requires test equipment that is available in most
(asphalt) laboratories and can be carried out within a relatively short period of time. To fill this
gap, a draft procedure has been developed in the Netherlands which is based on Paris’ law (CROW,
2006). Crack propagation is generated with cyclic semi-circular bending tests performed on notched
specimens at a relatively low temperature, which addresses the West European conditions. Rela-
tionships obtained from finite element analyses (Scarpas, 2003) are used to evaluate the test data.
Representatives from asphalt testing laboratories, the asphalt industry and the road authorities were
all involved in the development of this laboratory testing procedure. The work was part of a national
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study about designing and assessing asphaltic mixes on the basis of functional properties instead
of the traditional Marshall criteria.

One (artificially aged) asphalt mixture with five different bituminous binders has been assessed
according to the developed procedure. Although not part of the laboratory testing procedure, it is
necessary to also have knowledge about the expected stress intensity factors in the pavement to
really enable comparison of the performance of mixes.

The tensile properties of the five types of bitumen are determined with the force-ductility
test. Possible correlations between the parameters from the asphalt mix testing and force-ductility
tests are investigated. The influence of the ductility properties of bitumen on (thermally induced)
reflective cracking has been demonstrated before, using micro-mechanical modeling (Bijsterveld,
2003).

The experiences with the draft testing procedure, the suggested improvements and the test results
are further discussed in this paper.

2 PROCEDURE TO DETERMINE PARIS’ LAW MATERIAL PARAMETERS

The proposed procedure is based on Paris’ law (Bondt, 1999):

Where c = length of crack [mm]; KI = stress intensity factor [MPa · √mm]; N = number of load
cycles; and A, n are material parameters.

The material parameters A and n need to be determined. There are many known test geometries
to asses crack propagation and determine these material parameters. Each of them has its own
advantages and disadvantages. For the method discussed here, crack propagation is assessed on
the basis of results from cyclic semi-circular bending (SCB) tests. The main advantages are that
sample preparation is relatively simple, the required test equipment is available in many asphalt
laboratories and the tests can be completed in a short period of time. One of the main disadvantages
is the rather short length (ligament) over which crack propagation can take place.

The whole procedure includes four steps:

1) cyclic SCB tests
2) calculation of crack length
3) calculation of the stress intensity factor KI

4) determination of the material parameters A and n

2.1 Cyclic SCB tests

The cyclic SCB tests are performed on notched specimens. The test conditions are:

– test temperature of 0◦C
– haversine loading
– stress controlled
– loading frequency of 30 Hz
– minimum load is 10% of maximum load

For each specimen, the maximum load (Fmax) is based on the results of a monotonic SCB test that
is carried out on a (notched) specimen from the same set. The monotonic SCB tests are displacement
controlled (i.e 0.85 mm/s). The test temperature is 0◦C. The tests are performed according to the
European draft test method for the SCB test (CEN, 2006). The parameters that are obtained from
the monotonic SCB tests are the maximum load at failure (Ffailure) and the fracture strength KIc.
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Notch

Figure 1. Setup for measurement of horizontal displacement.

During the cyclic SCB tests the horizontal displacement around the notch is measured with a
clip-on gage (MTS model 632.03F-20). The gage is placed over the notch between two knife edges,
which are glued on the specimen. The distance between them is exactly 12 mm. This is shown in
figure 1. The difference between maximum and minimum displacement during one load cycle is
defined as the crack opening displacement amplitude (further referred to as COD). The basic result
of each test is COD against number of loading cycles.

2.2 Calculation of crack length

The length of the crack is calculated with the following relationship:

Where c = length of the crack [mm]; h = maximum length of the crack (height of the SCB
specimen ≈ ½ diameter); CODN=1 = COD at the beginning of the test and CODN = COD after
N load cycles.

This relationship is obtained from FEM analyses (i.e. CAPA-3D) carried out at Delft University.
Using the displacement amplitude as basis for the calculation of the length of the crack instead
of cumulative displacements, eliminates creep effects and compensates for differences in mix
stiffness. The creep effects are caused by the weight of the specimen, the spring force of the clip-on
gage and the minimum applied load (Fmin), which is present continuously.

2.3 Calculation of the stress intensity factor KI

The stress intensity factor KI is calculated with the following relationship (CROW, 2006):

The stress level σSCB is calculated with the following relationship (CROW, 2006):
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Where FSCB,N=1 = (Fmax − Fmin) at the beginning of the test [N]; lSCB = length of the
specimen ≈ diameter [mm]; and tSCB = thickness of the specimen [mm].

f(c/h) is a geometry factor and can be determined with FEM analyses. For the SCB test the
geometry factor was found to be:

The CAPA-3D analyses carried out at Delft University also showed that neither the Poisson’s
ratio nor the stiffness modulus of the mix effects the stress intensity factor during the cyclic SCB
test.

2.4 Determination of material parameters A and n

To determine the material parameters A and n, dc/dN needs to be plotted against KI on a log-log
scale. A and n are obtained from the power function that fits the part where dc/dN increases linear
with KI (i.e. crack propagation phase).

According to the Dutch draft testing procedure, dc/dN is calculated by first fitting a function
through the obtained relationship between crack length and number of loading cycles followed by
determining the derivative of this function. The proposed general function for the fit is:

With C0, C1, C2 and m all variables with the restriction that C0 + C1 = 10 mm (crack length at the
beginning of the test). Alternatively, dc/dN can be directly calculated from the test results when
there is enough data available (i.e. sampling frequency is high enough).

3 TEST PROGRAM

One asphalt mix with five different bituminous binders is assessed according to the above described
procedure. The tested asphalt mixture is an asphalt binder/base course with a maximum nominal
aggregate size of 11.2 mm and 5.2% bitumen (of the total mixture). The used binders are two types
of standard Penetration Grade bitumen (i.e. Pen 40/60 and Pen 160/220) and three types of polymer
modified binder (PMB). PMB1 is a commercial product with SBS polymer. PMB 2 and PMB3
were prepared in the laboratory by mixing 5.0% of polymer (i.e. EVA and PE) with Pen 70/100 till
the polymer was homogeneously dispersed.

The asphalt specimens are compacted with a gyratory compactor to a target voids content of
3.5%. For each binder four gyratory samples are prepared. All gyratory samples are artificially
aged for 120 hours in a ventilated oven at 85◦C. After ageing, four SCB test specimens are sawn
out of the middle part of each gyratory sample. The two specimens sawn from one disc make a
set. So for each binder 8 sets are prepared. A notch (10 mm deep and 0.35 mm wide) is sawn in
the middle of the specimens. Of each set, one specimen is used for the monotonic SCB test and
the other for the cyclic SCB test. First the monotonic SCB test is carried out. The load at failure is
used to determine the maximum load (Fmax) for the cyclic SCB test.

The tensile properties of the five binders are determined with the force-ductility test. The test
procedure is described in EN 13589 and EN 13703. To address the most critical field conditions
the tests are performed at the lowest temperature (i.e. 5◦C) and highest strain rate (i.e. 2.8%/s) that
was possible with the available equipment. Before testing the virgin binders are artificially aged
according to the RTFOT and PAV procedure. This way the binders are tested in a condition that is
assumed to represent their physical state at the end of the pavement lifetime, which is considered
to be the most critical state with respect to resistance to reflective cracking.
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Table 1. Results of monotonic SCB tests (8 tests per case).

Ffailure [kN] KI,c [MPa · √mm]

Average COV Average COV

Pen 40/60 bitumen 9.34 5.8% 30.6 5.8%
Pen 160/220 bitumen 8.90 5.7% 29.2 5.6%
PMB 1 10.95 5.4% 35.6 4.9%
PMB 2 11.03 8.0% 35.9 8.0%
PMB 3 9.16 4.5% 29.9 4.4%

Table 2. Loading conditions and some results of cyclic SCB tests (8 tests per case).

Fmax [% of Ffailure] Loading cycles till failure KI at failure [MPa · √mm]

Range (min-max) Average Range (min-max) Average COV

Pen 40/60 bitumen 45 55 101,900 28,650 174,150 34.0 6.0%
Pen 160/220 bitumen 40 55 61,950 11,500 93,850 31.6 10.2%
PMB 1 40 55 36,300 5,950 74,950 38.6 7.3%
PMB 2 55 55 20,500 5,300 47,950 38.3 5.0%
PMB 3 50 55 61,750 21,600 106,300 33.5 7.1%

4 RESULTS

From the monotonic SCB test data, load at failure (Ffailure) and fracture strength (KI,c) are calculated.
The average results are summarized in table 1.

According to the proposed procedure the maximum load for the cyclic SCB tests should be
around 60% of Ffailure. However, for all binders a lower load was selected to avoid early failure
(i.e. before 10,000 load cycles). Loading conditions and some of the results (i.e. number of load
cycles till failure and KI at failure) are summarized in table 2. The wide range between minimum
and maximum cycles till failure can be (at least partly) explained by the different load levels that
were applied and the inevitable variations between the test specimens.

Figure 2 gives an example of COD against number of load cycles. For each specimen the crack
length was calculated from the COD data and plotted against number of load cycles. Figure 3
shows the calculated crack lengths based on the COD data of figure 2. Also shown in figure 3 is
the fit through the obtained relationship between crack length and number of loading cycles. It is
obvious that the fit is poor (especially for the steep part at the end of test). This was the case for
all specimens and indicates that the proposed general function in combination with the restriction
that C0 + C1 = 10 is not suited to fit these relations. Other general functions used in Excel did not
show better fits.

Since it was not possible to find a function that fitted well the relationship between crack length
and number of loading cycles, dc/dN could not be calculated correctly as envisaged from the
derivative of that function. Therefore, dc/dN was calculated directly from the test data. When
plotted against KI, the picture was more or less the same for all specimens: a fracture initiation
phase that varied in duration followed by a relatively short crack propagation phase (1,150–11,500
load cycles). Some specimens showed high dc/dN values at the beginning of the test. As an example
the results for a specimen with respectively Pen 160/220 bitumen and PMB1 are shown in figures
4 and 5 (one data point for each 0.5 mm crack length increment). A and n are obtained from fitting
a power function through the data during the (assumed) crack propagation phase. The results are
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Figure 3. Example of calculated crack length against number of load cycles and curve fit.

summarized in table 3. Data regarding the length and duration of the crack propagation phase is
given in table 4.

Four parameters are obtained from the force-ductility tests on the binders: first maximum
force level (Fmax1), strain at Fmax1 (denoted as yield strain εyield), strain at failure (εbreak) and
the deformation energy till failure (Ebreak). The average results are summarized in table 5.

5 DISCUSSION

Some of the specimens showed high dc/dN values at the beginning of the test. This is normally not
observed during the crack initiation phase and may be explained by one or more of the following
factors: irregularities (for example air voids) at the tip of the notch, the notch ends in large aggregates
which easily break further, damage caused by sawing, etc.
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Figure 5. Relation between measured dc/dN and KI for specimen with PMB1.

The duration of the crack propagation phase was relatively short for all binders. However, for
four binders there was enough data to determine the parameters A and n with good confidence.
Given existing literature the values for n may be considered a bit high. However, taking into account
the high test frequency, the relatively low test temperature, the aged state of the asphalt mix and
the type of asphalt mix, they may still agree well with results from other studies.

The results for PMB 2 and PMB 3 show larger variations than those for Pen 160/220 bitumen
and PMB 1. A possible explanation for that may be the fact that the polymers that were used for
PMB 2 and PMB 3 have a known and observed tendency to separate from bitumen (Wegan, 2000).
Consequently, in the mixes these binders may not have been completely homogeneous anymore.

The material parameters found for Pen 40/60 bitumen are not realistic. The crack propagation
phase was probably too short (both with respect to crack length and number of load cycles) to be
able to determine the parameters correctly. This is also confirmed by the low correlation coefficient
of the power function through the data during the (assumed) crack propagation phase. The results
for Pen 40/60 bitumen are therefore excluded in the further discussion.
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Table 3. Material parameters A and n obtained from results of cyclic SCB tests
(8 tests per case).

A n R2

[-] [-] [-]

Pen 40/60 bitumen min 9.0E-57 14.4 0.53
max 5.4E-24 37.9 0.90
avg not relevant 22.0 0.76
COV not relevant 37.3% 15.1%
median 6.4E-31 19.9 0.76

Pen 160/220 bitumen min 3.1E-11 3.93 0.92
max 1.9E-08 5.62 0.97
avg not relevant 5.08 0.94
COV not relevant 10.8% 1.8%
median 2.6E-10 5.20 0.93

PMB 1 min 1.5E-13 5.78 0.95
max 2.6E-11 7.40 0.99
avg not relevant 6.85 0.98
COV not relevant 8.8% 1.6%
median 3.6E-13 7.14 0.98

PMB 2 min 2.7E-24 4.82 0.92
max 3.3E-10 14.2 0.97
avg not relevant 8.31 0.95
COV not relevant 35.4% 1.9%
median 1.2E-14 7.66 0.95

PMB 3 min 7.1E-21 3.78 0.76
max 8.1E-09 11.9 0.94
avg not relevant 6.85 0.89
COV not relevant 35.6% 6.6%
median 3.4E-12 6.30 0.90

Table 4. Length and duration of the crack propagation phase.

Start [c/h] Length [�c/h] Cycles [-]

Avg COV Avg COV Avg COV

Pen 40/60 bitumen 0.36 7.2% 0.12 25.2% 4,450 65.1%
Pen 160/220 bitumen 0.33 25.8% 0.21 22.1% 8,350 22.6%
PMB 1 0.28 22.7% 0.26 11.7% 6,000 23.1%
PMB 2 0.26 22.0% 0.19 31.1% 5,300 48.4%
PMB 3 0.32 11.9% 0.15 20.7% 8,750 27.3%

Table 5. Results of the force-ductility tests on the binders.

Fmax1 [N] εyield [%] εbreak [%] Ebreak [J]

Pen 40/60 bitumen 153 13 13 0.2
Pen 160/220 bitumen 88 43 412 5.1
PMB 1 169 40 584 18.8
PMB 2 307 37 110 7.2
PMB 3 207 14 14 0.2
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Table 6. Crack propagation performance for two loading conditions (Pen 160/220 as reference).

Stiffness modulus Loading condition I Loading condition II

KI dc/dN KI dc/dN
[MPa] [%] [MPa · √mm] [mm/cycle] [MPa · √mm] [mm/cycle]

Pen 160/220 bitumen 5,230 100 15.0 3.43E-04 25.0 4.88E-03
PMB 1 4,040 77 11.6 1.42E-05 19.3 5.45E-04
PMB 2 4,580 88 13.2 4.26E-06 22.0 2.13E-04
PMB 3 5,390 103 15.5 1.07E-04 25.8 2.67E-03

When of all tested specimens the obtained values for n are plotted against log A the following
relationship between the two parameters is found (R2 = 1.00):

Although not part of the laboratory testing procedure, it is necessary to also have knowledge
about the expected stress intensity factors in the pavement to enable comparison of the expected
performance of the mixes. The stress intensity factors depend amongst others on the stiffness of the
asphalt mix and the displacements around the crack (Ingraffea, 1980), which in turn also depend
on the stiffness of the asphalt mix. However, for overlays the displacements are more controlled by
the (deflection) of the underlying existing pavement layers than by the stiffness of the overlay mix.
So, for that particular situation comparison is possible when the stiffness of the mixes is known.
From the results of the FEM analyses mentioned before, the following correlation between mix
stiffness and the COD amplitude at the beginning of the test can be obtained:

Where Emix = stiffness of the asphalt mix [MPa], FSCB,N=1 = (Fmax − Fmin) at the beginning of the
test [N] and CODN=1 = COD at the beginning of the test [mm].

With this correlation the stiffness of the mixes is calculated. Using the obtained stiffness val-
ues the performance of the three PMBs is compared with Pen 160/220 bitumen for two loading
conditions (note that the median values for A and n are used for this). The results are shown in
table 6. In this table the KI values for the PMBs are based on the chosen KI values for the Pen
160/220 bitumen (Bondt, 1999), but corrected for the difference in stiffness modulus. It is clear
that under these conditions PMB 1 and PMB 2 have the best performance (i.e. lowest rate of crack
propagation); PMB 3 performs only slightly better than the Pen 160/220 bitumen. This result does
not fully agree with field experience. Factors like healing (not included in the testing procedure but
occurring in practice) and creep (taking place during the tests but little to none in reality) probably
cause this discrepancy. For example, the difference in cumulative COD displacements for PMB 1
and PMB 2 is higher than expected on the basis of the determined crack propagation rates. This
indicates that the mix with PMB 1 has had more creep deformation than the mix with PMB 2.

Possible correlations between the parameters obtained from the force-ductility tests and the
results of the cyclic SCB tests have been assessed during the data analysis phase. It appears that
a low value for the ductility parameters strain at failure (εbreak) and deformation energy till failure
(Ebreak) is an indicator for poor performance. However, high values for these parameters do not
seem a guarantee for good performance.
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6 CONCLUSIONS AND RECOMMENDATIONS

A new testing procedure to assess crack propagation performance of asphaltic mixes has been
developed in the Netherlands. Crack propagation is generated with cyclic semi-circular bending
tests performed on notched specimens. The procedure has been completed successfully for one
asphalt mix with different binders, but for the data analysis some modifications were necessary.

The duration of the crack propagation phase was relatively short for all binders. This may be
improved with a shorter notch length (for example 5 mm).

The results do not fully agree with field experience. Creep occurring during the tests may
(partly) cause this discrepancy and should be studied further. Also the effect of healing needs
further attention.

No correlations were found between the parameters from the asphalt mixture testing and the
force-ductility testing. It is recommended to assess correlations with parameters from relevant
cyclic binder tests.

For comparison of binder performance it is probably advisable to use a finer and more binder
rich asphalt mixture.
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ABSTRACT: Even though the overlay method results in reflective cracking due to thermal
(mode I) and to load effects generated by truck traffic (modes I and II), it is nonetheless still
the most important technique for rehabilitation; in fact, it is complemented by several systems that
have been developed to prevent reflective cracking. Laboratory tools used to evaluate their perfor-
mances and quantify their differences have thus far not proven to be useful, which is why a test
has been developed at the École de technologie supérieure in Montréal to evaluate overlay systems
used to prevent such cracking and to quantify their performance. Testing can be performed on
laboratory samples or on sections collected from a pavement. The test simulates reflective cracking
in an overlay subjected to a stretching cyclic displacement (mode I) combined with a vertical cyclic
displacement (mode II). Asphalt concrete overlay samples mixed in the laboratory are compacted
over substrate elements with a wheel track compactor, which is generally used to compact rutting
specimens for the French Wheel Tracking Tester (FWTT). For asphalt concrete overlay samples
collected from a pavement, specimens are glued directly to aluminium substrate plates using an
epoxy material. This test allows mode I and/or mode II simulations at various frequencies and
temperatures, and its preliminary results clearly show the difference between the performance of a
Stress Absorbing Membrane Interlayer (SAMI) system and a conventional overlay system.

1 INTRODUCTION

Even though significant advances have been made in asphalt pavement rehabilitation, the overlay
method still remains the most important technique in the domain. Several systems have been devel-
oped to prevent reflective cracking (Colombier, 1989 and 1991; Goacolou, 1982), but laboratory
tools used to evaluate their performances and quantify their differences have thus far not proven to
be useful, which is why a test has been developed at Montreal’s École de technologie supérieure
for use in evaluating the performance of overlay systems. The test simulates reflective cracking in
overlays subjected to a stretching cyclic displacement (mode I), combined with a vertical cyclic
displacement (mode II). This paper describes this new testing device and presents the results of a
testing program used to evaluate the behaviour of three different overlay systems.

2 GENERAL DESCRIPTION

A laboratory test method has been developed at the École de technologie supérieure in Montreal
(QC, Canada) for use in evaluating overlay systems used to prevent reflective cracking. Testing can
be performed on laboratory samples or on sections collected from a pavement. The test simulates
reflective cracking in an overlay subjected to a stretching cyclic displacement (mode I), combined
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Figure 1. Overview of apparatus used to simulate reflective cracking of overlay systems.

with a vertical cyclic displacement (mode II), and is performed at a constant temperature, using
the apparatus designed to be kept in a thermal control chamber. Figure 1 presents a schematic
description of the apparatus.

The specimen is glued to two moveable plates, one of which can move in the horizontal plane
(Fig. 1- plate A), and the other, freely in the vertical plane (Fig. 1 - plate B). The moveable plates (A
and B) are set on linear bearings on parallel rails. The horizontal motion of plate B is restrained by
two load cells placed on either side of the plate. These load cells give the strength passing through
the overlay system right over the substrate notched section. The evolution of the horizontal strength
is directly related to the overlay system degradation. The horizontal displacement is driven by a
mechanical system, and the vertical one, by a hydraulic system.

Extensometers are used to measure the vertical and horizontal displacements of the sample. One
set is attached to the surface of the overlay as shown in Figure 2, and another beside the sample,
directly glued to 50 mm from the top surface of the overlay system, over the notch.

3 SPECIMEN SIZES

Asphalt concrete overlay samples mixed in the laboratory are compacted directly over asphalt
concrete substrates glued to steel plates, using a wheel track compactor, which is generally used
to compact rutting specimens for the French Wheel Tracking Tester (FWTT). For asphalt concrete
overlay samples collected from a pavement, the cut samples are glued with an epoxy material
directly to asphalt concrete substrates, which are also glued to removable steel plates with an epoxy
material. The specimen sizes for testing are shown in Table 1.

4 TESTING CONDITIONS

Testing is done at constant temperatures under different solicitations: mode I, mode II, and modes I
and II simultaneously. The possible ranges of testing conditions are shows in Table 2.
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Figure 2. Sketch to illustrate the test and measurement setup.

Table 1. Specimen sizes for testing.

Connection between
Width Thickness Length the upper layer to the

Layer Material mm mm mm underlayer material

Overlay Asphalt concrete 120 25 to 80 440 • Interface material(2)

(lab or in situ)

Substrate(1) Asphalt concrete 120 10 to 50 220 • Epoxy glue on
(Lab or in situ) removable steel plates

Concrete 120 10 to 50 220 • Screwed directly to
Aluminium 120 30 220 removable steel plates

Notch 120 10 to 50 3 to 10

(1) Two per overlay system to be tested.
(2) The type of connection to the substrate will depend on the overlay system to be tested and
on the substrate used. For an asphalt bituminous substrate, the simple method involves using
a bitumen material.

Table 2. Ranges of testing conditions.

Testing temperature Horizontal displacement (�x) Vertical displacement (�y)

Isotherm condition Sinusoidal motion Sinusoidal motion
Range: Amplitude: Amplitude:

−20◦C to +50◦C Displacement is controlled at Displacement is controlled in reference
the base of the substrate in the to the vertical displacement on the top
0 to 3 mm range surface of the overlay in the 0 to 80 µm

Frequency of 0.0003 Hz range
Frequency of 1 Hz
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Figure 3. Typical test result.

Figure 4. Sketch to illustrate the evolution of the vertical parameters used to calculate the Kapparent
s values.

5 PARAMETERS USED TO FOLLOW UP THE OVERLAY SYSTEM DEGRADATION

The overlay system degradation is evaluated under a cycling process by monitoring the evolution
of the horizontal strength and by calculating the system’s apparent stiffness factor (Kapparent

s ).
The two load cells placed behind the testing sample, and which work in the horizontal plane,

give the strength passing through the overlay system under solicitation. Figure 3a shows a typical
result of the horizontal force evolution under testing.

Depending on the vertical monitored displacement measured on the top surface of the overlay
and the associated vertical strength, a part of the damage evolution of the overlay can be followed by
the ratio between the amplitude of the apparent shear stress and the amplitude of the corresponding
vertical displacement, which is also known as the apparent stiffness factor (Kapparent

s ). Since the test
is not homogeneous, the shear stress cannot be directly known. By assuming a shear mean value in
the overlay, the Kapparent

s value can be calculated according to the following relationship (Figure 4):

Figure 3b shows typical variations in the apparent stiffness factor (Kapparent
s ) under testing conditions.
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5.1 Life span of the overlay system

The failure of the overlay system under solicitation is determined according to the strength measured
by the horizontal load cells (Figs. 1 and 2). As a crack progresses up to the surface of the overlay
system, the strength decreases until it eventually reaches zero at the failure point. The life span
of the sample is then expressed as the number of vertical cycles (fr = 1 Hz) needed to reach the
failure point (N VC

f : f for failure and VC for vertical cracking propagation). Nevertheless, cracks
will sometimes propagate in the direction parallel to the interface before shooting all the way up to
the top surface. In such cases, the apparent stiffness factor of the overlay system (Kapparent

s ) will be
used to establish the life span of the overlay system, which will correspond to the number of vertical
cycles needed to achieve a 50% reduction in the initial Kapparent

s value (N HC
f : HC for horizontal

cracking propagation).

6 EXPERIMENTAL PROGRAM

Three different overlay systems commonly used for road rehabilitation were tested. For the substrate
layer, a classical HMA, known as EB14, was used, and the ESG10 asphalt concrete mix, typically
used in Quebec for top surface layers, was used as the top layer in the overlay system. Three different
interfaces between the overlay and the substrate were tested: 1) emulsion (REF: 0.25 kg/m2),
2) asphalt sand mix (CH10), and 3) a Stress Absorbing Membrane Interlayer (SAMI). The SAMI
system consists in covering the substrate with a 3 mm thick elastomer bitumen membrane, itself
covered with a cold mix asphalt (∼15 mm) prior to the top layer being compacted with the ESG10
asphalt mix. The cold mix asphalt acts as a thermal barrier to the membrane, protecting it during
the top layer material (ESG10) compaction process.

6.1 Testing conditions

In Nordic countries, seasonal temperature variations initiate transversal cracking in the pave-
ment and thus constitute a significant factor in the reflective cracking that occurs during overlay
rehabilitation, as they create the opening-stretching cyclic motion of cracks (mode I mechanism)
(Colombier, 1989). To avoid mechanical testing problems due to temperature cycles, we decided
to simulate the thermal effect using a mechanical motion, imposed on the horizontal plane of the
overlay system, under an isotherm condition. To estimate the magnitude of the motion and the
appropriate testing temperature, we referred to specific conditions in the eastern Canadian envi-
ronment. For the Montreal region in Quebec, the annual mean winter temperature is nearly −5◦C.
Assuming that the spacing length between transversal cracks in a damaged pavement in Quebec
often measure approximately 3 to 4 meters, the magnitude of the opening-stretching motion of a
transversal crack with a temperature variation of between −5 and −30◦C will be about 1 millimeter.
A recent road investigation of the opening-stretching motion of transversal crack tips by Transports
Quebec revealed variations of less than 3 mm between the summer and winter seasons in over 80%
of all instrumented cracks (more than 320 transversal cracks were instrumented) (St-Laurent and
Bergeron 2000). Table 3 shows the testing conditions used in the experimental program.

7 TEST RESULTS

Figure 5 and Table 4 present the evolution of both the horizontal strength and the Kapparent
s values

for the three overlay systems tested.
As we can see, the new testing device is useful in highlighting the differences in the ability

of the overlay systems to delay reflective cracking. The life span of the reference overlay system
(emulsion interface) is less than those of the two other systems, and it was observed that the system
with the SAMI interface did not manifest any reflective cracking at all under testing. The test was
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Table 3. Testing conditions used in experimental program.

Interface
Asphalt material Asphalt

Sample concrete overlay- concrete Testing
number substrate substrate overlay conditions Sample

A EB14 Emulsion ESG10 T = −5◦C
(55 mm) REF (55 mm) �x = 1 mm

�y = 20 µm
B EB14 Asphalt sand ESG10 T = −5◦C

(55 mm) mix (55 mm) �x = 1 mm
CH10 �y = 20 µm
(15 mm)

C EB14 Elastomer ESG10 T = −5◦C
(55 mm) membrane (55 mm) �x = 1 mm

SAMI �y = 20 µm
(14 mm)

Figure 5. Test results for the three different overlay systems tested with the new device.

stopped after a period of over 3.5 days. Overlay failure was observed at about 35,000 cycles for
the reference overlay system, and at more than 180,000 cycles for the overlay system with a sand
mix asphalt interface (CH10).

Figure 6 shows the typical cracking observed post failure for the reference overlay (emulsion)
and for the overlay system with a sand mix asphalt interface.

Figure 5a shows the differential strength level induced in the top layer material under cycling
solicitations. The SAMI interface significantly affects the horizontal strength passing through the
top layer (ESG10) of the overlay system, and the elastomer membrane directly affects the level of
stress on the top layer of the overlay. The new testing device clearly shows the distinctive behavior
of the SAMI interface as compared to those of the two other overlay systems tested. It is clear that
the SAMI interface reduces the level of the strength transit on the top layer of the overlay system
by dissipating part of the mechanical energy applied to the sample.

Measurements in the vertical direction indicate a slower damage evolution in the top layer
material in the SAMI overlay system. Figure 5b shows the evolution of the apparent stiffness factor
under loading cycles for the three overlay systems tested. The slope of the “Kapparent

s -N” relationship
is related to the damage rate per cycle of loading. For each loading cycle, micro cracks and heat
dissipation in the overlay materials will cause a significant drop in the apparent stiffness factor of
the overlay system, and the rate of that drop is an indicator of the damage progression in the system.
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Table 4. Compilation (Substrate: EB14; testing temperature: −5◦C).

Displacement
Overlay (ESG10)

�x �x 1st cycle Prior failure
1st cycle Prior failure �y

1st cycle �FH �FH �FH �FH
er Nf Bottom1 On Top2 Bottom1 On top2 On top2 (Right) (Left) (Right) (Left)In

te
rf

ac
e

mm n/a cycles µm µm µm µm µm N N N N

55 72 110 154 76 18.6 2544 2346 2114 1974
Ks = 29 MPa/mm Ks = 7 MPa/mm

E
m

ul
si

on

∼3
5,

00
0

74 110 126 280 74 17.4 2170 1990 1754 1898
Ks = 28 MPa/mm Ks = 13 MPa/mmC

H
10

∼1
80

,0
00

67 30 32 24 24 18.6 680 676 522 496
Ks = 12 MPa/mm Ks = 11 MPa/mmSA

M
I

>
32

0,
00

0

(1) Displacement measured at the bottom of the overlay material with an extensometer glued to 50 mm from the top
surface of the overlay system. The length of the measurement is set at 55 mm (details on Fig. 2)
(2) Displacement measured directly on the top surface of the overlay (details on Fig. 2)

Figure 6. Reflective cracking in the overlay at the failure point.

For the first 40,000 loading cycles, Figure 7 highlights the damage progression of each overlay
system tested, and Table 5 indicates the slope in the linear part of the “Kapparent

s -N” relationship for
each one. Based on the reference overlay system (emulsion interface), we estimate that the relative
rate of damage of the overlay system with an asphalt sand mix interface is reduced by 41%, and
that for the SAMI interface, this reduction is over 98%. That means the damage progression of
the SAMI overlay system is 75 times slower than that of the reference overlay system (emulsion
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Figure 7. Relation of the apparent stiffness factor (Kapparent
s ) based on the number of cycles for the first

40,000 loading cycles of the three different overlay systems tested (Ttesting = −5◦C; �x = 1 mm; er = 55 mm;
Substrate = EB14).

Table 5. Slope of the linear part of the relationship between Kapparent
s and the number of cycles.

Stiffness rate decreasing in the
first 30,000 cycles (Kapparent

s vs. N) Life span

Slope (× 105) Relatively(1) N VC
f

Overlay system MPa/mm/cycle % Cycles Relatively(1)

Emulsion – REF −23.2 100 ∼35, 000 1.0
Asphalt sand mix – CH10 −13.6 59 ∼180, 000 5.1
Elastomer membrane – SAMI −0.4 <2 >320,000 >9.1

(1) Ratio of calculated slope of an overlay system with respect to the reference system, expressed in %
(2) Ratio of the measured N VC

f of an overlay system with respect to the reference system

interface). From the life span values, we see that the overlay system with an asphalt sand mix
interface and that with a SAMI interface are respectively about 5 and 10 times more durable than
the reference interface. For the SAMI interface, this value is conservative, given that the failure
point was not reached under testing conditions.

7.1 Horizontal strain and horizontal strain rate under testing

Because of the viscous elastic behavior of the bituminous material, the horizontal strain rate applied
to the sample, ¯̇ε, and the level of the strain itself, ε, will both affect the life span of the overlay
system. However, since the test is not homogeneous, only an estimated value of these values can
be determined.

We can assume that the interface zone will drive the reflective process in the overlay. To estimate
the level of horizontal strain applied to the overlay, we will refer to the displacement measurement
with the extensometer glued to 50 mm from the top surface of the overlay system, over the notch
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Table 6. Horizontal strains and strain rates under testing conditions for the three overlay
systems tested (TTesting: −5◦C; Substrate: EB14; Top layer: ESG10; fr: 320 × 10−6 Hz).

� x(1) ε(2) ¯̇ε(3) Nf �FH
Overlay interface µm µs µs/h Cycles N

Emulsion – REF 72 1309 3020 35,000 5890
Asphalt sand mix – CH10 110 2000 4615 180,000 4160
Elastomer membrane – SAMI 30 545 1258 320,000 1356

(1) Horizontal displacement measured at the bottom of the overlay material (refer to Table 4)
(2) ε is calculated based on the interface extensometer length measurement of 55 mm
(3) ε̇ (µs/hr) = 7200 ∗ fr ∗ ε (µs)

Figure 8. Typical stress-strain relationships of an asphalt concrete mix (bitumen 50–70) tested under
direct traction test on cylindrical specimen (φ80 × 120 mm2) for various testing temperature and strain rate
solicitations (Olard, 2003).

(Fig. 2), and to the imposed horizontal displacement evolution under testing, when calculating
the horizontal strain rate. As we note in Table 2, the imposed horizontal displacement evolution
is sinusoidal, and we will refer to a mean value for the horizontal strain rate, ¯̇ε, by assuming a
linear displacement variation for each cycle. The horizontal strains (ε) and the mean value of the
horizontal strain rates ( ¯̇ε) for the three overlay systems tested are presented in Table 6.

Table 6 shows that the level of the strain and the rate of the strain applied to the overlay vary with
the system tested. The level of strain applied to the overlay system during testing is relatively high,
with a magnitude almost equivalent to the critical strain level observed for direct traction tests, as
is shown in Figure 8.

For a strain rate of 300 µs/h, Figure 8 shows that the admissible stress at −9.5◦C is low, less
than 2.2 MPa, and drops for a strain higher than 0.15% (0.0015). Based on the results presented
in Table 6, the estimated level of the horizontal strain applied to the overlay system under testing
conditions is very severe for the overlay systems with an emulsion interface and with an asphalt
sand mix interface (0.13% and 0.20%, respectively) and lower for the SAMI interface (0.06%).

7.1.1 Relationship between the horizontal strength (FH ) and the imposed strain rate
Figure 9 shows the relationship between the horizontal strength passing through the overlay system
measured after the first horizontal loading cycle (∼3,125 seconds) and the corresponding estimated
strain rate. The measured horizontal strength is induced by the horizontal and vertical displacements.
We found that the life span is correlated to the horizontal strain rate imposed on the overlay system.
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Figure 9. Relationship between the horizontal strength and the horizontal strain rate applied to the sample
for all overlay systems tested (TTesting = −5◦C; er = 55 mm; Top layer: ESG10).

8 CONCLUSION

The new testing device is useful for highlighting the differences between overlay systems in terms
of their respective abilities to delay reflective cracking. The life span of the reference overlay sys-
tem (emulsion interface) is lower than that of the SAMI overlay system. The SAMI interface has a
considerable impact on the horizontal strength passing through the top layer (ESG10) of the overlay
system: the elastomer membrane directly affects the level of stress in the top layer of the overlay.
Based on the reference overlay system (emulsion interface), we estimate that the relative rate of dam-
age of the overlay system with an asphalt sand mix interface is reduced by 41%, and for the SAMI
interface, this reduction is more than 98%, which means that the damage progression of the SAMI
overlay system is 75 time slower than that of the reference overlay system (emulsion interface). In
terms of life span values, the overlay system with the asphalt sand mix interface and that with the
SAMI interface are respectively about 5 and 10 times more durable than the reference interface.

The new testing device will allow the optimization of overlay systems and top layer materi-
als in order to minimize reflective cracking after overlay rehabilitation. Different asphalt mixes
incorporating different types of materials (rubber and shingle particles, additives, etc.) could be
investigated and optimized in the laboratory prior to being validated on actual roads.
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ABSTRACT: An experimental campaign has been performed at ENTPE/DGCB laboratory in
order to measure fatigue properties of bituminous mastics with a specifically developed exper-
imental device, the annular shear rheometer (ASR). This apparatus allows measuring the linear
viscoelastic (LVE) shear complex modulus (G* = G*LVE) of bituminous materials for small strain
amplitudes, and the pseudo complex modulus G*NL in the non linear domain for higher strain
levels applied during fatigue tests.

Fatigue tests were performed using sinusoidal shear loadings at 10◦C and 10 Hz, with different
strain amplitudes ranging from 0.125% to 0.5%. A specific experimental protocol was used in order
to measure the evolution of the LVE properties (at low strain level and at different frequencies) of
the materials during the fatigue test. In the first phase of the test (phase 1), LVE complex moduli
measured within the linear domain are very close to the LVE G* master curve of the mastic. The
decrease of G* in this phase can be explained by an “equivalent” heating of the material. It has
been compared to the “real” heating measured by a temperature sensor in contact with the mastic.
It seems that heating does not entirely account for the modulus decrease observed in phase 1. Then,
the stiffness decrease at the beginning of the fatigue test could be explained by both heating and
another phenomenon such as thixotropy.

1 INTRODUCTION

In pavement structure, fatigue is one of the main failure mode for bituminous materials. It results
from repeated applications of loading cycles, which can damage the materials until macro-cracking.
Binder plays an important role in the failure mechanism induced by fatigue in the bituminous
mixture (Bahia, Zhai et al., 1999). Then, the fatigue properties of bituminous binders have been
evaluated by different authors, using oscillation testing with a DSR (Dynamic Shear Rheometer)
(Soenen, De La Roche et al., 2003; Bodin, Soenen et al., 2004; Soenen, De La Roche et al., 2004;
Bocci, Cerni et al., 2006). The fatigue life of binder is sensitive to the applied initial load. It was also
confirmed that the fatigue behaviour of binders is a significant phenomenon at low temperature.
“True” fatigue, as associated with internal micro-damage, occurs actually at temperatures in which
the modulus is “high” (low temperature), whereas in the low-modulus region (high temperature)
edge buckling or instability flow dominates (Anderson, Le Hir et al., 2001; Planche, Anderson
et al., 2003). Fatigue of binder has also been studied in previous works in order to find correlation
between the fatigue behaviour of binder and the one the mixture (Baaj, 2002; Soenen, De La Roche
et al., 2003; Soenen, De La Roche et al., 2004).
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Figure 1. Schematic view of the annular shear rheometer (ASR) for bitumen and mastic.

It is generally admitted that the mastic, composed of bitumen and filler, is the “real” binder in
the bituminous mixture. It is known to play an important role in the performance of bituminous
mixtures. Consequently, studies on mastics, rather than on pure bitumen, may be more appropriate to
investigate correlations between fatigue behaviour of binders and asphalt mixtures. Recent studies
showed that there is a significant difference between the fatigue results for pure bitumen and those
associated mastics. Fatigue life was significantly affected by the filler concentration (Airey, Thom
et al., 2004; Airey, Liao et al., 2006; Thom, Osman et al., 2006). In addition, it was observed that
the temperature effect was similar on the fatigue behaviour of bitumen and mastic.

A general research topic aimed at analyzing and modelling fatigue behaviour of mastics, for
different types of fillers and bitumens, is currently being conducted at the ENTPE/DGCB laboratory
in cooperation with Total Company. The fatigue study of mastics treated in this paper presents two
interests. On the one hand, the experimental device (the annular shear rheometer) allows performing
homogeneous tests, which is generally not the case for classical apparatuses (Di Benedetto, De
La Roche et al., 2004). On the other hand, the linear viscoelastic properties in the small strain
domain of the tested materials are measured during fatigue tests, at different frequencies (from
0.03 Hz to 10 Hz). Results allow analyzing the change of the LVE complex modulus (G*LVE) during
fatigue test.

The experimental campaign is presented, including the description of the annular shear rheometer,
tested material and loading protocol. Typical results are detailed by plotting different measured
parameters as a function of the cycle numbers, such as complex modulus during fatigue (G*NL),
shear strain, temperature of the specimen and linear viscoelastic modulus G*LVE. Interpretation of
the parameters evolution is proposed. The influence of temperature and thixotropy is underlined.

2 EXPERIMENTAL CAMPAIGN

2.1 Presentation of the annular shear rheometer

The principle of the annular shear rheometer (ASR) consists in applying sinusoidal shear stress
or sinusoidal shear strain (distortion) on a hollow cylinder of bitumen or mastic, at different
temperatures and frequencies. The hollow cylinder has a rather large size: 5 mm thickness, 105 mm
outer diameter and 40 mm height. With these geometrical features, the test is homogenous as a first
approximation even with aggregate sizes up to 1 millimetre. A schematic view of the apparatus is
presented in figure 1 (Delaporte, Di Benedetto et al., 2005; Delaporte, Di Benedetto et al., 2007).
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Figure 2. Pictures of the temperature sensor inserted into the external aluminium mold.

A sinusoidal cyclic excitation is applied in stress or strain mode using the control system of a
50 kN capacity hydraulic press on which the ASR is fixed. Strain is measured by three displacement
transducers placed at 120◦ around the sample. The control strain is made with the mean value of
the three displacement measurements. The transducers measure the displacement between outer
lateral surface and inner lateral surface of the bituminous hollow cylinder. The outer surface sticks
to the aluminium hollow cylinder linked to the mobile piston of the press. The inner surface of
the sample adheres to the aluminium core, which is linked to the load cell. The apparatus allows
measuring the linear viscoelastic (LVE) shear complex modulus of bituminous materials for small
strain amplitudes called G*LVE, and the non linear modulus (G*NL) for higher strain levels applied
during fatigue tests. In the following G*NL is noted G* otherwise specified.

The complex shear modulus (G*) of the material can be obtained from the data. Expression of
the complex shear modulus G* is given in equation (1):

|G*| is the norm of the complex shear modulus, φ is its the phase angle, G1 is the storage modulus
and G2 is the loss modulus. G* can be measured at different temperatures from about −25◦C to
80◦C and different frequencies (fr) from 0.03 Hz to 10 Hz. |G*| is the ratio between the amplitude
of distortion γ0 with γ(t) = γ0 sin(ωt − φ), and the amplitude of shear stress τ0 with τ(t) = τ0

sin(ωt), where ω = 2πfr . Phase angle φ is calculated by measuring the phase lag between load and
displacement signals.

As the material is non linear, G* is a function of strain amplitude. In the small strain domain,
the behaviour is linear viscoelastic (LVE) and the constant value of G* (independent of strain
amplitude) is noted G*LVE (Olard, Di Benedetto et al., 2003; Airey and Behzad, 2004; Delaporte,
2007). Two sensors are used for the temperature measurements. One is fixed in the thermal chamber.
The other one is inserted in the aluminium mould and is in contact with the material as shown in
figure 2. It allows assessing the heating of the material during fatigue tests.

2.2 Testing procedures

Fatigue tests consist in applying shear strain at a frequency of 10 Hz and a temperature of 10◦C.
The study is realized on a unique mastic composed of a 50/70 penetration grade pure bitumen
associated to a limestone filler proportioned at 30% in volume (Vfiller/(Vbitumen + Vfiller) = 30%).
Six tests have been performed in strain control mode, including four different strain levels and two
duplicates. The selected strain levels, reported in table 1, are not within the small strain domain
(linear domain). Then, the fatigue complex modulus is a non-linear complex modulus. It depends
on strain amplitude and is different of G*LVE at 10 Hz. Shear stress values measured at the first
loading cycles of the test are also reported in table 1. Test name is chosen as follow: in M30D1250,
M stands for “mastic”, “30” for the percentage of filler in volume, “D” means deformation mode
and “1250” is the strain amplitude in 10−6 m/m (µdef).
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Table 1. Characteristics of the fatigue tests.

Control Strain amplitude Stress amplitude τ (Shante and Kirkpatrick)
Test name mode εrz (%) at the first cycle of the test

M30D1250 strain 0.125 351
M30D1250R01 strain 0.125 378
M30D1800 strain 0.180 507
M30D2500 strain 0.250 676
M30D2500R01 strain 0.250 685
M30D5000 strain 0.500 1042

Figure 3. Fatigue testing protocol in strain control: G*LVE is measured from 0.03 to 10 Hz.

The great originality and improvement of the test is that, at chosen intervals, complex modulus
measurements in the linear domain are inserted during fatigue tests. The specimen is loaded at
lower strain levels. These measurements are performed for 6 frequencies, from 0.03 Hz to 10 Hz
(0.03, 0.1, 0.3, 1, 3 and 10 Hz) every step of 20000 fatigue cycles. Additional measurements are
performed before starting the fatigue cycles and 10000 cycles after the test has started. The LVE G*
determined at the frequency fr and at the step i is denoted as G*i

fr . It has to be underlined that LVE
G* measurements period (about 218 seconds or 3.6 minutes) is “short” in comparison to fatigue
period (about 33 minutes for 20000 cycles). For the material, this period can probably be considered
as a quasi rest period. Transition between, i) fatigue loading and LVE G* measurements, as well
as, ii) LVE G* measurements and fatigue loading is instantaneous. The general testing protocol is
presented in Figure 3. The interest of this protocol is to allow analysing the LVE G* change during
fatigue test.

The use of different frequencies allows characterizing the LVE properties not only at 10 Hz
(frequency of the fatigue test) but on a range of frequencies. The evolution of the global LVE law
during fatigue test can then be determined.

3 TYPICAL RESULTS

3.1 Fatigue complex modulus

Results of fatigue test M30D1250 are considered, as example. Fatigue complex modulus G*, in
norm, is plotted as a function of the number of cycles in figure 4. Phase angle change is presented in
figure 5 and G* is plotted in Black space in figure 6. As suggested in previous works (Di Benedetto

460



Figure 4. Complex modulus |G*| as a function of
the number of cycles during fatigue test M30D1250.

Figure 5. Phase angle φ as a function of the number
of cycles during fatigue test M30D1250.

Figure 6. Representation of G* in Black space
during fatigue test M30D1250.

Figure 7. Amplitude differences of strain measured
by the displacement transducers as a function of the
number of cycles. Test M30D1250.

and Ashayer Soltani, 1996; Baaj, 2002; Di Benedetto, De La Roche et al., 2004; Baaj, Di Benedetto
et al., 2005), three phases appearing successively during a fatigue test can be identified:

– Phase 1 (or adaptation phase) characterized by a rapid decrease of the modulus. The decrease
is not only explained by fatigue damage. Heating and a third phenomenon such as thixotropy
probably play important role.

– Phase 2 (or quasi-stationary phase) where |G*| decrease is quasi-linear as a function of the
number of cycles. In this phase, the role of fatigue by micro-cracks is predominant. Beginning
of phase 2 is chosen when |G*| decrease becomes quasi-linear and when the phase angle is
maximum.

– Phase 3 (or failure phase) this corresponds to the macro crack-propagation, where the test can’t
be considered as homogenous anymore. In this paper, fatigue failure is defined as an arbitrary
50% reduction in initial stiffness. It could be defined by the cycle when the non-homogeneity
of the shear strain reaches 25% (cf. figure 7), which has more a physical meaning.

The |G*| discontinuities, observed on figure 4, correspond to the LVE G* measurements, in the
linear domain, at different frequencies. For the material, these periods are probably close to rest
periods. Then, during these measurements, the stiffness of the material increases. When fatigue
loadings restart, a decrease of the modulus is observed again.

Phase angle φ quickly increases (few degrees) at the beginning of the test (phase 1). At the
beginning of phase 2, φ slightly decreases (less than 1 degree). The end of the test (phase 3) is
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Figure 8. Evolution of the temperature during fatigue test M30D2500.

characterized by a quick decrease of the phase angle corresponding to the crack-propagation in the
material.

3.2 Shear strain

For each material, three shear strain amplitudes γAi = 2εrzAi (i = 1, 2 and 3) are measured, cor-
responding to the three displacement transducers (Figure 1). These values are compared to the
average γA of the three amplitudes by plotting the difference �γAi between γAi and γA (equation
(2)). It allows analyzing the homogeneity of the test (γA values are used to calculate G*).

�γAi has been plotted for the fatigue test M30D1250 in figure 7. This figure reveals that at the
beginning of the test, amplitudes of the signals are close for the three displacement transducers.
Then, shear stress and shear strain are nearly the same in the whole volume of the specimen.
When number of cycle increases, differences between strain amplitudes increase, which highlights
that strain field is becoming less homogeneous. When the difference between strain values of a
displacement transducers reaches a value fixed at 25%, the test is considered as not interpretable
anymore. It may indicate the appearance of macro-cracks in the material, and then corresponds to
a definition of fatigue life (figure 7) (Van Rompu, 2006; Delaporte, 2007).

3.3 Heating

During fatigue tests, temperature is measured in the thermal chamber and at the surface of the
material, as explained in section 2.1. The sensor which is in contact with the material directly
allows determining heating of the material, created by dissipation during repeated loadings. As
the temperature probe only touches the surface of the specimen, it is suspected that the measured
temperature change is lower than the real one. This point will be checked in future work.

The measured temperature of the material is plotted as a function of the cycle numbers in
figure 8, for 0.25% strain amplitude (test M30D2500). A quick increase of the temperature is
observed at the beginning of the test, where heating reaches about 0.8◦C. Then, heating slowly
decrease until the end of the test. In addition, figure 8 reveals that, during the linear viscoelastic
G*LVE measurements, temperature of the material decreases. When restarting the loading cycles of
fatigue test, temperature re-joined the previous global evolution curve.
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Figure 9. LVE complex modulus |G*i
fr | as a func-

tion of the cycle number during fatigue test, at 6
frequencies. Test M30D1250.

Figure 10. Phase angles of the LVE complex mod-
ulus G*i

fr as a function of the cycle number during
fatigue test, at 6 frequencies. Test M30D1250.

3.4 LVE complex modulus

As explained before (section 2.2), LVE complex modulus (G*i
fr) is measured at 6 frequencies fr

(0.03, 0.1, 0.3, 1, 3 and 10 Hz), before the test and at every step i, after 20000 fatigue cycles period.
An additional measure is performed 10000 cycles after the test has started. Fatigue effect on the
LVE complex modulus is analyzed by plotting the G*i

fr (in norm and in phase angle) as a function
of cycle numbers. Results for the test M30D1250 are presented in figure 9 (norm |G*|) and figure
10 (phase angle φ).

During fatigue test the stiffness (in the non linear range) of bituminous materials decreases
because of different phenomena such as fatigue, heating or thixotropy as explained in section 3.1.
A decrease of the LVE G* for the 6 tested frequencies in figure 9 is also observed. As concern
the phase angle φ, figure 10 reveals that, as observed for the non-linear modulus phase angle, it
increases at the beginning of the test. Then it slowly decreases with the number of cycles, for the
6 selected frequencies.

4 RESULTS AND DISCUSSION

4.1 Fatigue life of mastic

Several definitions of fatigue failure can be considered for sinusoidal strain or stress controlled
fatigue test. In this study 2 fatigue failure criteria are considered to obtain the fatigue life, for the
controlled strain tests:

i) the traditional one corresponding to an arbitrary 50% reduction in initial stiffness (“classical
criterion: Nf50%”) of the sample,

ii) a difference of 25% in the shear strain measurement as presented in section 3.2. It is noted “shear
strain criterion: Nf25%”.

Strain amplitudes are plotted in figure 11 as a function of fatigue life for the six tests and the 2
criteria. Data are approached by a power law (equation 3), where N is the cycle number at failure
for a strain amplitude ε. ε6 is the strain amplitude which corresponds to a fatigue life of 106 cycles
and b the fatigue slope:

The classical criterion: Nf50%results in figure 11 obtained with the ASR can be compared to the
fatigue life given by DSR. For the mastic tested in this study, composed of a 50/70 pen grade
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Figure 11. Fatigue life of mastic M30: classical criterion Nf50% and shear strain criterion Nf25%.

Figure 12. Temperature vs. cycle numbers (in log scale) for the 6 fatigue tests.

bitumen and 30% filler in volume, fatigue life at ε = 0.5% is close to 6000 cycles. A stiffer mastic
composed of a 40/60 pen bitumen associated with 40% filler in volume has been tested with a
DSR (Airey, Liao et al., 2006). The fatigue life obtained for the same strain level (ε = 0.5%)
was found at about 300000 cycles. In strain control, it is admitted that when increasing modulus,
fatigue life decreases (Di Benedetto and Corté, 2005). As a consequence, it seems that the two
different apparatuses give significantly different results in terms of fatigue performance, which can
be explained by the non-uniformity of the stress-strain fields for DSR test. It has been showed (Di
Benedetto, De La Roche et al., 2004; Di Benedetto and Corté, 2005) that rational interpretation of
a non homogenous fatigue tests (such as DSR) is very complex and generally not proposed.

4.2 Heating

Figure 12 shows that the temperature of the material highly increases at the beginning of the test,
which approximately corresponds to the phase 1. Then, it slowly decreases until the end of the test.
During the LVE G*i

fr measurements, temperatures drops because the disspated energy becomes
low. When fatigue restarts, temperature increases again and rejoins the previous fatigue curve.

The maximum values of heating (denoted as �Tmax) significantly depend on the strain ampli-
tudes which is applied. �Tmax is very low for the small strain amplitude (less than 0.5◦C). It reaches
2◦C for ε = 0.5%.
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Figure 13. G*LVE measured during fatigue test and G*LVE
master curve obtained with a complex modulus test.

Figure 14. Schematic interpretation of
the LVE G* decrease: master curve in
Black space as a function of the tempera-
ture (T) (ω = fr/2π).

4.3 Linear viscoelastic properties of mastics during fatigue test

Measurements of the linear complex modulus during the 6 fatigue tests, plotted in Black space,
are presented in figure 13. It reveals that, in the first phase of the tests (phase 1), G*i

fr moduli are
very close to the LVE G* master curve of the initial mastic (without fatigue damage). In addition,
this result is validated for the 4 different strain levels (εrz), from 0.125% to 0.5%. During phase 2,
data points do not lay on the master curve of the non damaged material because of the decrease of
both the norm and the phase angle.

Following interpretations can be pointed out:

– While the test is in phase 1, linear viscoelastic properties of material are very few affected
by fatigue loadings. Complex modulus measurements remain on the G* master curve of the
material in the linear domain. The stiffness decrease is indeed probably mainly explained by
heating and/or thixotropy.

– After phase 1, the LVE G*i
fr values are different to the ones of the G*LVE master curve of the

non damaged mastic. Then, the linear viscoelastic properties of mastic, which become gradually
rather different from the initial one, reveal the existence of damage created by cyclic loading.
Thanks to this approach, this damage can be rationally quantified. Fatigue by micro-cracks may
actually be predominant after phase 1 in the decrease of |G*LVE|.

In Black space, decrease of G*i
fr along the G*LVE master curve of the non damaged material

(as observed in phase 1 of fatigue test) is obtained when heating the material, as explained in
figure 14. This Temperature increase is denoted as �Teq. It can be determined using the Time
Temperature Superposition Principle (TTSP) and a linear viscoelastic model. The TTSP holds for
the considered mastic which has been tested in the small strain domain. The shift factors used for
the construction of the master curve are fitted by the WLF law (see equation (4)) calibrated at the
reference temperature Tref = 10◦C with C1 = 21.5 and C2 = 153.2.

The �Teq are reported in table 2. They are compared to the heating of the material measured
by the temperature sensor in contact with the material. Table 2 reveals that equivalent heatings
�Teq are few dependant of the frequency, which confirms the proposed explanation. In addition,
these values are greater than the one corresponding to measurements. It seems that heating may
not entirely account for the modulus decrease observed in phase 1. The stiffness decrease at the
beginning of the fatigue test could be explained by both heating and another phenomenon such as
thixotropy, having a similar influence than heating. Meanwhile this conclusion should be checked
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Table 2. Comparison between equivalent heating (calculated from 2S2P1D linear viscoelastic model (Dela-
porte, Di Benedetto et al., 2007) and time-temperature superposition principle using WLF law (equation (4)))
and measured heating (M30D1250_R01).

Test Equivalent heating �Teq (◦C) Measured heating (◦C)

0.03 Hz 0.1 Hz 0.3 Hz 1 Hz 3 Hz 10 Hz
M30D1250_R01 1.41 1.44 1.54 1.54 1.49 1.42 0.37

using better temperature measurement, as mentioned section 3.3. New obtained results seem to
indicate that temperature increase is the main phenomenon which explains modulus decrease.

5 CONCLUSION

The test protocol developed at ENTPE/DGCB, using the ASR, opens a new way to study fatigue
of bituminous binders and mastics. In addition to the intrinsic qualities of the experimental device
(homogenous test, large size of the samples), it is the originality of the test protocol (measures
of the evolution of the LVE properties during fatigue test) that needs to be underlined. Indeed,
measures of mechanical characteristics in the small strain domain at different frequencies, allow
better understanding of fatigue phenomenon.

It is for example shown that the decrease of modulus during the first phase of fatigue test can be
explained by an equivalent (or real?) increase of temperature (�Teq). More accurate temperature
measurements still need to be performed to confirm this important conclusion. In addition, thanks
to the proposed procedure reversible and irreversible damages can be clearly identified.

This work is associated with rheological modelling developments, which are not presented.
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ABSTRACT: The glass transition temperature of asphalt binders and mixtures is an essential
component for the prediction of thermal cracking of pavements. For many decades this subject
has been studied but published results are very limited. Measuring thermo-volumetric properties
of asphalt paving materials is not simple and there are no standard methods for conducting such
measurements. In this study, a dilatometric system for measuring binder properties was used to
study the glass transition of ten binders and a length change measuring system was used to measure
the glass transition of asphalt mixtures. Results show a variation in glass transition behavior as
function of the binder grade and modification. Furthermore, the glass transition of the mixtures does
not correlate with binder glass transition properties, which highlights the importance of aggregate
characteristics and mixture compaction in defining mixture thermo-volumetric properties. It is also
found that the contraction and dilation behavior of mixtures shows a hysteretic response. These
findings hint at a need for fundamental understanding of the effect of aggregate interaction in the
thermal behavior of asphalt mixtures and they also shed some light on the important aspect of
thermal cracking of pavements and the measurements needed for better modeling.

1 INTRODUCTION

Engineers have long been challenged to link binder and mixture physical properties to field dis-
tresses and thermal cracking in asphalt pavements. Thermal cracking is caused by volumetric
changes in asphalt mixtures that put it in tension until the binder fails. The binder is not only the
weakest link in the failure mechanisms but it is considered to be a key component in the volu-
metric change behavior of asphalt mixtures. As a result, efforts have been geared toward linking
binder thermal properties with pavement thermal cracking. The most immediate consequence of
the binder-mixture thermal properties link is the use of higher penetration grade binders in cold
climates. In the AC grading system, temperature susceptibility is controlled by specifying binder
physical properties at three broadly spaced test temperatures, namely 135, 60, and 25◦C. In the
Superpave system, a bending beam rheometer is used to control low-temperature binder properties.
The goal of these methods is to link low temperature mixture properties to thermal cracking resis-
tance of the pavement. Researchers have attempted to measure the true values of the volumetric
change both in binders and mixtures, but the published results are limited.

This paper presents the thermo-volumetric properties of ten asphalt binders commonly used in the
Midwestern region of North America, by using the dilatometric system along with thermal length
changes in laboratory asphalt mixtures. These experimental results show that not only the binder
influences the thermo-volumetric behavior of mixtures but also aggregate type, film thickness, and
void ratio are controlling factors and must be accounted for in the evaluation of field responses of
asphalt pavements.
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Table 1. Experimental layout: Evaluation of binder type on the thermal behavior of mixes.
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Table 2. Experimental layout: Evaluation of mix design parameters on the thermal behavior of mixes

Granite Limestone Granite Limestone

Aggregate 4% air void 4% air void 7% air void 7% air void
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2 EXPERIMENTAL DESIGN

The experimental design was developed to evaluate the correlation between binder properties and
mixtures thermo-volumetric behavior, and to establish the main interactions between the thermo-
volumetric properties of the asphalt mixture’s components. To achieve these goals, a parametric
experimental study was developed as shown in Tables 1 and 2. Ten different binders (plain and
modified) along with granite and limestone aggregates were used in several mix designs. The void
content in the compacted mixtures was either 4% or 7% by volume. The asphalt binder contents
were set to 6.0% or 6.5% for the granite mixes and 6.9% or 7.4% for the limestone mixes. Tables
1 and 2 summarize the control variables included in the study. There were two replicates for
each of the samples. The response variables were used to determine the following parameters:
glass transition temperature (Tg), thermal expansion coefficient in the glassy state (αg – testing
temperature T <Tg), and thermal expansion coefficient in the liquid state (αl – testing temperature
T >Tg).

3 EXPERIMENTAL PROCEDURES

3.1 Binder thermal characterization

The binders used for this study were the same binders used in the Low-Temperature Cracking
in Asphalt Pavements Investigation project under National Pooled Fund Study 776. Both plain
(unmodified) and modified binders were included in the study. The grade and the type of asphalt
cements used are shown in Table 1. These binders were tested to evaluate their glass transition
temperatures (Tg) using the thermal dilatometric method.

Samples Preparation: The binders were aged using a Pressure Aging Vessel (PAV) in accor-
dance with the AASHTO PP1 standard. The preparation of the sample included heating the PAV
aged binder until it was sufficiently fluid to pour into two clean silicon rubber molds. It was then
allowed to cool in the mold at ambient temperature for 60 minutes before the binder sample was
trimmed and dressed to achieve a shinny surface. After cooling at ambient temperature for another

470



15 minutes, the sample was demolded. If there was any suspicion of air bubble inclusion, the
sample was discarded; otherwise the sample weight was recorded before testing.

Dilatometer Apparatus: The Glass Transition Test (GTT) system consists of a dilatometer
where the 10-ml binder sample is placed and its volume change is measured by reading the level
on a alcohol filled precision-bore capillary tube, an insulated chamber for heating and cooling
the dilatometer and sample using a heating element and liquid nitrogen, and thermocouples and
data acquisition system to measure and collect temperature readings during testing. This technique
provides a direct way for measuring dimensional changes with temperature.

Test Procedure: The test starts by assembling the dilatometer cells and filling the capillary
tubes with air-free ethyl alcohol (medium for reading thermal volume changes). The dilatometer is
then mounted inside the environmental chamber and all supporting sensors, data acquisition, and
temperature control systems are connected and initiated.

Testing starts at 40◦C and remains at this temperature for 10 minutes to allow for the thermal
equilibration of the sample. The system is then cooled to −76◦C with a rate of 1◦C/min. This
cooling rate was selected using the experience obtained from previous studies (Nam and Bahia,
2004). The volume and temperature change are recorded every 2 minutes.

Calibrations (Nam 2005): To account for the change in the capillary height due to changes in
the temperature and shrinkage of the dilatometric cell, each cell was calibrated using an aluminum
sample identical in volume to the asphalt sample (The thermal contraction/expansion coefficient
of aluminum is known). Then, the obtained thermal response of the aluminum sample was used to
adjust the capillary height recorded for binders in the glass transition temperature Tg calculation.
Finally, in order to account for the temperature differences between the cells’ interior and the
insulated chamber, the dilatometric cell temperature was measured in relation with the cooling
chamber. A correction correlation was derived and used in the glass transition temperature Tg

calculation.
Computation: Data collected were analyzed using a regression analysis method and curve

fitting for each tested binder sample. The following equation was used to the fit the data (modified
after Bahia and Anderson, 1993):

where v is the specific volume in ml/g at temperature T in ◦C, vo is the initial specific volume
ml/g, vc is the specific volume in ml/g at the glass transition temperature Tg in ◦C, R represents
the curvature in ◦C at the glass transition temperature, αg is the thermal expansion coefficient
1/◦C defined for T <Tg, and αl is liquid thermal expansion coefficient in 1/◦C defined for T >Tg.
Figure 1 shows an example test results and data interpretation.

Binder Test Results: The summary of the binder test results is presented in Table 3. To measure
the reproducibility of the measurements as determined using independent samples, three of the
binders were tested at a different time using different samples. There is a relatively good agreement
for the coefficients of thermal contractions above and belowTg for both binders. However, the range
of the obtained Tg values show a relatively high variability, particularly for the PG 64-34 binder.
Table 3 summarizes the averaged thermo-volumetric properties of the binders. The measurements
include the glass transition temperature (Tg), the thermal coefficient of contraction above Tg (liquid
state αl), and the thermal coefficient of contraction below Tg (glassy state αg).

3.2 Thermal properties of asphalt mixtures material

Samples used for this testing program were prepared from mix samples obtained from Iowa State
University as part of the Low Temperature Cracking in Asphalt Pavements Investigation project
under the National Pooled Fund Study 776. A total of 11 combinations of mixtures were prepared
using the binders presented in Table 1. Every mixture sample was used to prepare two samples
for testing. The supplied mixture samples were approximately 200 mm wide by 380 mm long by
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Figure 1. Typical specific volume versus temperature response. The data and associated fitting equation
analysis allow determining the parameters αl, αg, and Tg of the tested binder sample.

Table 3. Summary of binder thermal properties.

Thermal properties
Binders
PG grade Tg(◦C) αg (10−6/◦C) αl (10−6/◦C) R2

PG58-28, plain 1 −20.14 202.7 477.3 0.9994
PG58-28, plain 2 −26.42 350.6 578.4 0.9998
PG58-34, modifier 1 −37.15 143.1 463.4 0.9998
PG58-34, modifier 2 −29.64 195.9 583.3 0.9997
PG58-40, modifier 1 −24.98 333.4 538.3 0.9989
PG64-22, plain −31.87 308.9 513.7 0.9995
PG64-28, modifier 1 −24.26 262.7 456.2 0.9997
PG64-28, plain 1 −31.03 224.5 545.4 0.9997
PG64-34, modifier 1 −34.41 214.6 458.9 0.9998
PG64-34, modifier 2 −47.98 240.4 569.2 0.9994
Mean −30.79 247.7 518.4
Maximum −20.14 350.6 583.3
Minimum −47.98 143.1 456.2

65 mm high. These samples were cut with a masonry saw to create two 65 mm wide, 50 mm high,
and 380 mm long beam samples. The two replicate beams for each mixture type were tested to
evaluate the repeatability of the results. All the mixture samples were tested in cooling and heating
cycles. Figure 2 shows a cut beam ready for testing.

Sample Preparation: Prior to testing, end caps and connecting rods were mounted to both
ends of the mixture beams using a thin layer of epoxy adhesive. The rods are made of the special
G7 polymer (a glass-silicon laminate used for its excellent heating insulation properties). The G7
polymer thermal expansion coefficient is 1.29 × 10−5 1/◦C along the longitudinal direction of the
rods (Boedeker Plastics, 2007).

Test Procedure: Testing starts by placing the sample on a frictionless Teflon base in the insu-
lating chamber as shown in Figure 3. Two linear variable displacement transducers (LVDT) were
connected to the ends of the G7 polymer rods. The heating element installed inside of the chamber
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Figure 2. Mixture beam prepared for thermal testing.

Figure 3. Schematic of the cooling and heating setup (after Nam, 2005).

increased the temperature of the chamber and cooling was achieved by injecting nitrogen gas from a
liquid nitrogen tank. The temperature measurements were made using calibrated T-type thermocou-
ples. A dummy asphalt mix beam was placed at the bottom of the insulated chamber for estimating
interior temperatures of the mixture samples during the thermal testing. The two thermocouples
were placed on the surface of the test beam and in the center of the dummy mix beam.

Samples were held at 40◦C for 10 minutes before cooling them at the rate of −1◦C/min to −80◦C.
After reaching −80◦C, the mixture beams were held at this constant temperature for 10 minutes
before the heating to 40◦C starts. The rate of heating used was 1◦C/min. The rate of temperature
change corresponded to typical temperature rates used in previous studies (Nam and Bahia, 2004).
Figure 4 depicts an example of the results of the temperatures measured on the surface and in the
center of the dummy sample. As the temperature changed, the two LVDTs placed at the end of G7
polymer rods monitored the changes in length of the sample during cooling and heating cycles.
Temperature and LVDT readings were collected every 5 seconds. A LabView virtual instrument
program was used to control the temperature in the testing chamber via the heating elements and
the inflow of nitrogen gas. The LabView virtual instrument program was also used to capture the
thermocouple and LVDT readings.

Computation: Equation 1 was also used to evaluate the thermal response of the mixture by
replacing specific volumes by the length of the sample at temperature T, the initial length of the
sample Lo, and the length of the sample at the glass transition temperature Lc. Figure 4 shows a tem-
perature lag between the interior and exterior of dummy sample. The lag is caused by the slow heat
transfer from the sample surface to its center. It was presumed that the internal dummy sample better
represented the temperature of mixture sample (The dummy sample has the same cross-sectional
dimensions and thermal conductivity as the mixture samples). The dummy sample temperature was
therefore used in the data interpretation. Figure 5 shows a typical thermal deformation (note the
hysteretic response) during a cooling and heating cycle. Table 4 and 5 summarizes all the thermal
results for the asphalt mixture samples.
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4 FINDINGS

As depicted in Table 3, the binder thermo-volumetric results show a wide range of glass transition
temperature Tg values: minimum −48◦C and maximum −21.1◦C. The results also show a wide
range of thermal coefficient values (143.1 − 350.6 × 10−6 1/◦C) for contraction below the glass
transition temperature Tg (glassy state αg) with standard deviation of 66 × 10−6 1/◦C. The coef-
ficients of thermal contraction above the glass transition temperature Tg (liquid state αl) ranged
from 456.2 to 583.3 × 10−6 1/◦C which is narrower than the range found for αg. As expected, the
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Table 4. Experimental results: Evaluation of binder type on the thermal behavior of mixtures (Symbols:
G-granite, LS-limestone).

Result cooling Result heating

A
gg

re
ga

te
(A

ir
vo

id
:4

%
)

B
in

de
r

ty
pe

T
g
(C

)

α
g

(1
0−

6
1/

◦ C
)

α
l

(1
0−

6
1/

◦ C
)

R
2

T
g
(C

)

α
g

(1
0−

6
1/

◦ C
)

α
l

(1
0−

6
1/

◦ C
)

R
2

G 58-28, Plain 1 −29.7 11.6 32.0 0.9970 −29.6 16.7 30.6 0.9985
G 58-28, Plain 1 −27.9 9.4 36.7 0.9994 −23.7 14.6 35.6 0.9994
G 58-28, Plain 2 −38.8 16.4 37.6 0.9892 −10.9 25.4 58.6 0.9993
G 58-28, Plain 2 −44.7 12.1 30.6 0.9983 −40.4 14.6 36.4 0.9995
G 58-34, Modifier 1 −38.9 10.8 30.6 0.9984 −33.3 15.1 30.5 0.9988
G 58-34, Modifier 1 −36.3 9.6 31.9 0.9974 −24.9 15.0 34.0 0.9988
G 58-34, Modifier 2 −30.8 10.8 34.8 0.9984 −26.7 15.6 33.3 0.9972
G 58-34, Modifier 2 −32.9 11.6 32.2 0.9996 −26.7 15.6 33.3 0.9972
G 58-40, Modifier 1 −46.3 13.1 29.2 0.9993 −24.2 16.5 37.8 0.9986
G 58-40, Modifier 1 −48.2 15.5 31.8 0.9928 −24.2 16.5 37.8 0.9986
G 64-22, Plain 1 −28.6 9.1 33.5 0.9995 −29.8 11.7 32.2 0.9991
G 64-22, Plain 1 −27.3 12.9 32.9 0.9997 −27.2 15.0 33.0 0.9986
G 64-28, Plain 1 −34.4 10.4 33.3 0.9957 −18.2 15.3 40.7 0.9991
G 64-28, Plain 1 −31.5 9.4 33.7 0.9986 −30.6 14.9 32.0 0.9978
G 64-28, Modifier 1 −29.0 13.8 33.1 0.9996 −23.6 17.0 33.2 0.9973
G 64-28, Modifier 1 −37.9 9.5 33.5 0.9943 −16.9 16.8 32.9 0.9991
G 64-34, Modifier 1 −34.7 8.7 33.3 0.9941 −29.6 15.1 32.0 0.9997
G 64-34, Modifier 1 −38.2 12.9 33.5 0.9963 −26.6 11.9 42.6 0.9970
G 64-34, Modifier 2 −39.9 9.7 32.8 0.9980 −23.7 15.5 36.8 0.9981
G 64-34, Modifier 2 −40.8 10.6 31.4 0.9986 −26.1 12.8 41.1 0.9983
LS 58-28, Plain 1 −34.3 10.2 35.3 0.9973 −18.7 16.1 42.1 0.9996
LS 58-28, Plain 1 −32.0 10.6 35.8 0.9980 −18.0 15.5 45.2 0.9982
LS 58-28, Plain 2 −26.4 10.1 40.5 0.9871 −15.9 13.9 45.8 0.9963
LS 58-28, Plain 2 −32.0 7.0 38.1 0.9998 −21.7 13.1 41.6 0.9989
LS 58-34, Modifier 1 −32.4 9.4 36.2 0.9967 −26.8 16.0 35.4 0.9989
LS 58-34, Modifier 1 −32.8 10.1 32.5 0.9892 −25.2 12.4 36.2 0.9970
LS 58-34, Modifier 2 −32.6 9.4 32.9 0.9994 −21.1 13.6 34.3 0.9973
LS 58-34, Modifier 2 −36.8 9.4 28.9 0.9965 −35.4 11.3 29.8 0.9973
LS 58-40, Modifier 1 −36.7 12.5 32.7 0.9960 −12.7 15.1 49.9 0.9983
LS 58-40, Modifier 1 −45.8 10.4 31.1 0.9996 −29.2 15.6 32.1 0.9980
LS 64-28, Plain 1 −31.0 8.3 35.9 0.9998 −20.4 14.7 37.0 0.9977
LS 64-28, Plain 1 −30.7 9.1 37.0 0.9991 −35.2 11.3 34.3 0.9989
LS 64-28, Modifier 1 −34.4 7.3 39.7 0.9994 −29.2 15.4 37.0 0.9969
LS 64-28, Modifier 1 −27.7 10.8 38.6 0.9995 −26.2 13.0 38.7 0.9985
LS 64-34, Modifier 1 −37.6 11.1 35.5 0.9997 −25.0 12.2 42.3 0.9993
LS 64-34, Modifier 1 −39.2 12.1 37.0 0.9993 −25.4 19.5 36.0 0.9981
LS 64-34, Modifier 2 −38.0 5.0 32.7 0.9974 −31.5 11.8 33.4 0.9978
LS 64-34, Modifier 2 −36.4 9.4 31.3 0.9998 −29.3 12.6 34.1 0.9990
Mean −35.1 10.5 34.0 −25.4 14.9 37.1
Maximum value −26.4 16.4 40.5 −10.9 25.4 58.6
Minimum value −48.2 5.0 28.9 −40.4 11.3 29.8

values of αg are always smaller than αl (30% to 60% of the αl values). A general trend for the
thermal properties revealed that low-grade temperature binders show lower glass transition tem-
peratures and higher thermal coefficients of contraction than high-grade temperature binders. This
trend indicates that low-grade temperature binders have positive effects on the low temperature
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Table 5. Experimental results: Evaluation of mixture design parameters on the thermal behavior of mixtures.

Result cooling Result heating
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PG 58-28, plain 1 G 4% OPT −38.8 16.4 37.6 0.9892 −10.9 25.4 58.6 0.9993
PG 58-28, plain 1 G 4% OPT −44.7 12.1 30.6 0.9983 −40.4 14.6 36.4 0.9995
PG 58-28, plain 1 G 4% OPT −29.7 11.6 32.0 0.9970 −29.6 16.7 30.6 0.9985
PG 58-28, plain 1 G 4% OPT −27.9 9.4 36.7 0.9994 −23.7 14.6 35.6 0.9994
PG 58-28, plain 1 G 4% BUMP −43.3 13.3 35.8 0.9942 −32.7 17.7 39.3 0.9990
PG 58-28, plain 1 G 4% BUMP −41.8 12.2 37.8 0.9968 −26.1 18.7 43.1 0.9993
PG 58-28, plain 1 G 7% OPT −35.0 10.2 32.9 0.9936 −12.1 13.4 47.7 0.9995
PG 58-28, plain 1 G 7% OPT −34.2 8.2 33.1 0.9886 −12.1 13.4 47.7 0.9995
PG 58-28, plain 1 G 7% BUMP −31.0 6.6 38.4 0.9995 −18.0 16.3 38.8 0.9968
PG 58-28, plain 1 G 7% BUMP −30.7 12.5 35.5 0.9992 −19.2 17.5 39.3 0.9984
PG 58-28, plain 1 LS 4% OPT −26.4 10.1 40.5 0.9871 −15.9 13.9 45.8 0.9963
PG 58-28, plain 1 LS 4% OPT −32.0 7.0 38.1 0.9998 −21.7 13.1 41.6 0.9989
PG 58-28, plain 1 LS 4% OPT −34.3 10.2 35.3 0.9973 −18.7 16.1 42.1 0.9996
PG 58-28, plain 1 LS 4% OPT −32.0 10.6 35.8 0.9980 −18.0 15.5 45.2 0.9982
PG 58-28, plain 1 LS 4% BUMP −29.9 10.9 39.6 0.9997 −19.3 13.7 42.2 0.9975
PG 58-28, plain 1 LS 4% BUMP −29.7 9.6 40.4 0.9998 −19.0 13.8 42.0 0.9981
PG 58-28, plain 1 LS 7% OPT −33.3 11.3 35.7 0.9994 −28.6 15.4 31.6 0.9927
PG 58-28, plain 1 LS 7% OPT −31.0 13.5 36.8 0.9996 −29.0 15.9 33.2 0.9975
PG 58-28, plain 1 LS 7% BUMP −30.8 9.9 41.7 0.9999 −22.4 14.4 42.9 0.9979
PG 58-28, plain 1 LS 7% BUMP −28.9 9.5 39.8 0.9827 −17.2 15.3 45.8 0.9981
PG 58-40, modifier 1 G 4% OPT −46.3 13.1 29.2 0.9993 −24.2 16.5 37.8 0.9986
PG 58-40, modifier 1 G 4% OPT −48.2 15.5 31.8 0.9928 −24.2 16.5 37.8 0.9986
PG 58-40, modifier 1 G 4% BUMP −46.3 12.6 35.2 0.9988 −30.4 12.2 46.9 0.9984
PG 58-40, modifier 1 G 4% BUMP −49.7 11.4 30.4 0.9947 −34.7 12.9 38.2 0.9985
PG 58-40, modifier 1 LS 4% OPT −36.7 12.5 32.7 0.9960 −12.7 15.1 49.9 0.9983
PG 58-40, modifier 1 LS 4% OPT −45.8 10.4 31.1 0.9996 −29.2 15.6 32.1 0.9980
Mean −36.1 11.2 35.6 −22.7 15.6 41.2
Maximum value −26.4 16.4 41.7 −10.9 25.4 58.6
Minimum value −49.7 6.6 29.2 −40.4 12.2 30.6

Symbols: G-granite, LS-limestone, OPT-Optimum asphalt content corresponds to 6.0% and 6.9% for granite
and limestone mixes respectively. BUMP is 0.5% higher asphalt content that OPT.

properties of binders. The results also indicate that the level of the effect depends on the type of
modifier.

Asphalt mixture testing results presented in Tables 4 and 5 indicate that mixture glass transition
temperature values during cooling range between −47.98◦C and −27.94◦C with a standard devi-
ation of 5.46◦C. Thermal coefficients of contraction αg below the glass transition temperature Tg

range between 7.18 and 14.30 × 10−6 1/◦C. The thermal coefficients of contraction above Tg (αl)
vary between 10.26 and 30.48 × 10−6 1/◦C.

Cooling and heating testing yielded different parameters. Thermal properties in the heating
cycle were systematically higher than in the cooling cycle. Glass transition temperature Tg values
ranged between −32.56◦C and −12.12◦C. The range for thermal expansion coefficients below the
glass transition temperature Tg (αg) was between 12.21 to 20.02 × 10−6 1/◦C and the range for the
coefficients of expansion above the glass transition temperature Tg (αl) ranged between 32.08 and
47.66 × 10−6 1/◦C.
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Figure 6. Binder versus mixture thermo-volumetric properties: there is little to no correlation between binder
and mixtures.
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Figure 7. The effect of mixture parameters on thermo-volumetric properties: mixture glass transition
temperature Tg versus film thickness, void ratio and aggregate type.

The differences in the thermal parameters between cooling and heating cycles could be caused
by several phenomena including issues related to the material behavior, for example:

• thermal hysteresis caused by uneven temperature in the mixture sample (the research team is
evaluating thermal diffusion effects both numerically and experimentally and the proper use of
different temperatures in the plotting and interpretation of the data)

• thermal instabilities in the binders (this phenomenon is being studied by reducing temperature
rates and increasing temperature equilibration times)

Regardless of the true causes for the cooling and heating differences, the above results seem to
indicate the presence of cyclic thermal loading effects on the thermo-volumetric properties of
mixtures. These observations require further research.
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Figure 8. The effect of mixture parameters on thermo-volumetric properties: thermal contraction coefficient
αg in the glassy state (cooling cycle) versus film thickness, void ratio and aggregate type.

An attempt was also made to evaluate the effect of different mixture variables on the thermo-
volumetric properties of asphalt mixes. Figures 6 to 9 give summary analyses for Tg, αg and αl

for both cooling and heating conditions versus binder properties and a number of the mixture
parameters. Figure 6 shows very low correlation between binder and mixture thermo-volumetric
properties. These results demonstrate that both aggregates and percent air voids together have
a significant effect on the mixture glass transition temperature (Tg) and thermal coefficients of
contraction in the glassy state (αg) during cooling on mixture samples. Furthermore, binder film
thickness and aggregate types have a strong influence on the values of the thermal contraction
coefficient in the liquid state (αl). During the heating cycle, film thickness and aggregate types
together with their interactions are significant in the determination of Tg, αg and αl while the void
ratio only affects the glass transition temperature. During cooling cycles, void ratio affects the
thermal contraction coefficient in the glassy state.

These results suggest that the thermo-volumetric behavior of the asphalt mix is not solely con-
trolled by the thermo-volumetric properties of the binder but other mixture parameters are important
as well. This observation should not come as a surprise as aggregates make up to 90% of the asphalt
mixtures’ volume. This experimental evidence challenges the importance of the binder properties
as the key component in the thermo-volumetric behavior of asphalt mixes.

5 CONCLUSIONS

In this study, a dilatometric system for measuring binder properties was used to evaluate the glass
transition of ten binders and a length change measuring system was used to measure the glass tran-
sition of asphalt mixtures. Thermo-volumetric testing results show a variation in glass transition
behavior as function of the binder grade and modification. Furthermore, the mixture thermo-
volumetric properties do not correlate well with binder properties highlighting the importance
of aggregate characteristics and mixture compaction in defining mixture thermo-volumetric
properties.

The experimental study also showed that: (a) the glass transition temperatures of asphalt mixtures
were in general lower than that of the corresponding asphalt binders, (b) the thermal expansion
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Figure 9. The effect of mixture parameters on thermo-volumetric properties: thermal contraction coefficient
αl in the liquid state (cooling cycle) versus film thickness, void ratio and aggregate type.

coefficient of asphalt mixtures was larger than the thermal contraction coefficient, and (c) both
granite and limestone aggregates showed a significant effect on the thermal properties of the
mixtures (Figures 7 to 9). Contrary to intuition, film thickness did not seem to have a significant
effect on the thermal properties of the mixture during the glassy state of the mix (Figure 8).
Finally, it is also found that for the contraction and dilation behavior of mixtures shows a hysteretic
response during cooling and heating cycles. These findings hint at a need for more fundamental
understanding of the effect of aggregate interaction and thermal heating/cooling rate in the thermal
behavior of asphalt mixtures as they may shed some light on the important aspect of thermal
cracking of pavements and the measurements needed for better modeling.
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Low temperature behavior of very hard bituminous binder material
for road applications

R.N. Khedoe, A.A.A. Molenaar, & M.F.C. v.d. Ven
Delft University of Technology, Delft, The Netherlands

ABSTRACT: Very hard bituminous binders are becoming popular in pavement design. Mixtures
with very high stiffness are used already for a number of years in the Netherlands as base course
materials. Asphalt mixtures containing these hard bituminous binders are very stable but at lower
temperatures the material can become very brittle. This brittle behavior can result in premature
cracking during early service life.

At the laboratory of Road and Railway Engineering of Delft University of Technology a special
very hard binder called C-fix was investigated. Different low temperature tests were performed
on this hard binder as well as the mixture containing this material. The relaxation behavior of the
material provides insight into the low temperature behavior of hard binder material. First frequency
sweeps were done with the dynamic shear rheometer (DSR) at a range of temperatures. The tests
were performed to determine the stiffness and phase angle of the material. With the dynamic
mechanical analysis (DMA) on beams of both binder and mastic (bitumen and filler) glass transition
temperatures were determined. The filler influenced the results considerably. Direct tensile tests
were performed on samples of bitumen and mastic. Both failure tests and relaxation tests were
done. The results showed that the filler type could influence the behavior considerably. Finally
relaxation tests were performed on a porous asphalt mixture in a specially designed tension test
set-up. From the results it became clear that already at 0◦C the relaxation capacity of the porous
mixture with C-fix binder was strongly reduced. In all cases the C-fix binder was compared with
a 70–100 pen grade bitumen.

1 INTRODUCTION

Hard bituminous binder materials are gaining popularity in road applications in the Netherlands.
Asphalt mixtures containing hard bituminous binder material are already used in the asphaltic base
layer. IN this paper the use of hard binders in surface layers is considered. One of the most common
used asphalt mixtures used as surface layer on the Dutch motorways is Porous Asphalt Concrete
(PAC). The main problem in PAC is its service life. Its ravelling resistance mainly determines the
durability of a PAC wearing course. Ravelling or loss of aggregate from the wearing course is
a form of “fatigue” that occurs in the surface layer of the pavement structure. Due to the open
structure of PAC, oxygen, water and salt can easily penetrate into the asphalt layer resulting in
a rapid ageing of the binder. The combined effects can lead to deterioration of the properties of the
bitumen and break up the bond between bitumen and the aggregate structure. This results in loss
of surfacing material. Improvement has to be found in improving size, shape and properties of the
bituminous “contact bridges” between the aggregate particles. In this paper the possibility of using
a hard binder like C-fix in PAC is discussed.

C-fix is a special binder with a low temperature susceptibility, a high resistance to ageing and it
has environmental benefits. At the same temperature and loading condition the material has a much
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higher strength and stiffness than normal pen grade binders. The name C-fix is an abbreviation for
Carbon Fixation. The binder is the ultimate hard residue of crude oil. In the refinery process the
crude oil is separated into two streams: heavy, carbon rich, fractions to create bituminous binders
and light, hydrogen rich fractions for high-energy fuel. The heavy fractions from the conventional
refinery processes are used as heavy fuels but can also be used for the production of C-fix. Using
C-fix as a construction material, rather than having the carbon burnt in heavy fuel streams, results
in significant carbon dioxide reductions. The used hard binder material in this paper is denoted as
C9. This binder has a penetration of 9 [0.1 mm] at 25◦C.

The binder, mastic and mixture were tested. The hard bituminous binder material is compared
with conventional pen grade bitumen, in this case with 70/100 pen grade bitumen, which is nor-
mally used in single layer PAC mixture in the Netherlands. [1] The mastic was composed of the
binder material and a filler Wigro 60 k, which contains hydrated lime. The mastics had different
filler-binder ratio by mass. The mixture, which was tested, is a standard Porous Asphalt Concrete
accordingly to the Dutch specification (RAW). [2]

In this paper the low temperature behavior of the binder and mastic will be discussed in chapter 2.
In Chapter 3 relaxation tests on a Porous Asphalt Concrete mixture are reported. The paper ends
with conclusions.

2 TESTS ON THE BINDERS AND MASTICS

2.1 Test program

The hard binder becomes brittle at low temperatures. The brittle behavior of the material can cause
thermal cracking even at relatively high temperatures. Tests were performed to get insight into the
low temperature behavior of this material. First rheological tests including frequency sweeps at a
range of temperatures were done with the dynamic shear rheometer (DSR). The Glass Transition
Temperature was determined with the Dynamic Mechanical Analyzer and the relaxation behavior
of the binder and mastic was obtained from the Direct Tension Test.

2.2 Dynamic Shear Rheometer

With the Dynamic Shear Rheometer (DSR) frequency sweeps are performed at different tempera-
tures on the binders. [3] Comparison of the master curves for complex modulus G* of 70/100 pen
grade bitumen and C9 (Figure 1) shows that at very high frequencies the slope approaches to zero
and the values do not differ a lot, but when the frequency decreases the slope of the 70/100 bitumen
increases much faster than for the C9. The values of the Complex Modulus G* for the C-fix are
higher than for the pen grade bitumen. For the C9 binder the stiffness at low frequencies is less
sensitive to the change in the loading time compared to 70/100 bitumen.

The master curve for the phase angle shows that 70/100 bitumen is viscous at long loading times
because the phase angle becomes 90◦ but the C9 still has an elastic component at the same loading
time. So, the permanent deformation of 70/100 bitumen will be much higher when compared to
C9 at the same temperature and frequency. Both materials get more elastic when the frequency
increases. Overall it can be concluded that C9 is a very stiff binder compared to 70/100 bitumen
over the whole range and specially at normal service temperatures.

2.3 Glass transition temperature

Viscoelastic materials such as bitumen or polymers typically exist in two distinct states. They exhibit
the properties of a glass (higher modulus and brittle behavior) at very low temperatures and those
of a rubber (lower modulus) at higher temperatures. The temperature at which a polymer undergoes
the transformation from rubbery to a glassy state at a frequency rate of 1 Hertz is known as the
glass transition temperature, Tg. There is a dramatic change in the properties of a polymer at the
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Figure 1. Complex modulus and phase angle master curves at 20◦C of C9 binder and 70/100 bitumen.

Table 1. Glass temperature for different binders and mastics from the DMA in dual cantilever (1 Hz).

Average glass
temperature

Type # Samples tested [◦C] Standard deviation

B70-100 3 −29.4 0.82
B70-100 Mastic 3 −24.0 1.12
C9 3 −18.0 1.05
C9 Mastic (f/b:1) 3 −23.1 0.59
C9 Mastic (f/b:1.2) 3 −23.0 0.83
C9 Mastic (f/b:0.5) 3 −23.6 0.22

glass transition temperature. By scanning the temperature during a DMA experiment the change
of state can be observed. Bitumen becomes totally brittle at lower temperatures, the glassy state.
The glass transition temperature of the different binders and mastics was determined to compare
the extent of brittleness. [4]

The set up used in the DMA was the dual cantilever test. In this test a rectangular specimen with
dimensions 3.5 mm × 13 mm × 60 mm is clamped in the dual cantilever. A sinusoidal deformation
is induced in the middle of the rectangular specimen. The results of this test are displayed in Table 1.

As expected, the glass transition temperature of the 70/100 pen grade bitumen is much lower
than the C-fix binders. The difference is 10 to 15◦C. The higher glass temperature can be explained
by the length and shape of the carbon chains molecules. The larger chains can not move and slide
in the way as the molecules and chains of the 70/100 pen grade bitumen can. Remarkably, the glass
temperature of all the mastics is around −24◦C. The effect of this filler for the bitumen and the C9
binder is very different. Filler lowers the glass transition temperature of the C-fix binder, whereas
for the bitumen it increases the glass transition temperature. Adding this filler into the C9 binder
seems to make it less brittle.
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Table 2. Average failure stress and strain of C9 binder and mastic and B70-100 binder and mastic with DTT
displacement rate 1 mm/min.

σf εf
σf Standard εf Standard

Temperature # Mean deviation Mean deviation
Type [◦C] tests [MPa] [MPa] [%] [%]

B70-100 −10 6 2,35 0,57 6,54 0,43
B70-100 Mastic −10 6 4,95 1,08 4,26 0,67
C9 8,5 9 0,98 0,05 1,31 0,13
C9 Mastic (f/b:1) 8,5 12 3,59 0,13 4,27 0,44
C9 Mastic (f/b:1.2) 8,5 6 3,73 0,30 2,27 0,06
C9 Mastic (f/b:0.5) 8,5 6 1,86 0,21 1,76 0,59
C9 Mastic (f/b:1) 0 16 3,58 0,74 0,58 0,12
C9 Mastic (f/b:1) −10 6 2,88 0,97 0,32 0,14
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Figure 2. Representative result stress-strain for C9 binder and mastics at 8.5◦C with displacement rate
1 mm/min.

2.4 The Direct Tension Test

The Direct Tension Test or DTT was performed to determine the tensile strength and the strain at
failure of the different C-fix-filler combinations and to compare with the standard 70–100 mastic.
[5]Test temperatures and test results are shown inTable 2. All tests were performed at a displacement
rate of 1 mm/min.

The C9 mastics with a binder-filler-ratio of 1 shows to perform the best at 8.5◦C, considering
the failure stress and strain. This binder-filler-ratio is the same as used in PAC mixtures. It is more
ductile at this temperature than all the other C9 mastics. The C9 binder is more brittle than the C9
mastics. The strain at break for the mastic with a filler-binder ratio 1 is much higher than for the
binder. Adding filler to the binder seems to make the material tougher. An optimum can be seen
in the test results at a filler-binder ratio of 1, adding more filler reduces the toughness. Above the
ratio of 1 the strain at break reduces again.
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Table 3. Relaxation with the DTT for different binders and mastics at −10◦C.

Displacement Relaxation
rate* Displacement Strain Area Max. stress (t = 600 s)

Material f/b [mm/min] [mm] [%] [mm2] [MPa] [%]

B70/100 0 3 0,127 0,38 36,0 0,76 100,0
B70/100 1 3 0,127 0,38 36,0 2,04 100,0
C9 0 0,3 0,073 0,22 37,0 1,05 55,7
C9 0,5 0,3 0,054 0,16 39,3 1,05 34,8
C9 1 0,3 0,063 0,19 38,4 1,29 25,4
C9 1,2 0,3 0,059 0,17 41,0 1,46 22,4

*In order to get reliable results, a higher displacement rate had to be used for the B70/100 specimens.

2.5 Relaxation in binder and mastic

The relaxation of the binders and mastics at low temperature is important because if reduction of
stress occurs, the material has the ability to overcome or minimize cracking due to the combined
effect of traffic and thermal load.

Relaxation of the binder and mastics was measured in the Direct Tension Tester. The sample was
subjected to a small displacement, which resulted in a tensile stress in the sample. The reduction
of the stress was measured. In order to compare the relaxation of the different binders and mastics,
the relaxation is displayed as a percentage of the maximum stress measured.

The response can be divided in three parts, elastic, visco elastic and viscous. The amount of the
relaxation of the stress depends on the loading speed. Applying the defined displacement faster
will result in a higher load. For the displacement controlled tests relatively short loading times
were initiated. The second part of the response, the viscoelastic response, or the relaxation will
start after that. If a specimen is monitored for a very long time the viscous part will be visible and
even all the stress can decay. The samples were monitored for 600 seconds. An example of results
from the relaxation tests is given in Table 3.

The relaxation of B70/100 binder and mastic was 100 percent after five minutes, whereas the
relaxation in C9 mastics was less than 50 percent for the mastics. The binder has a relaxation of 56
percent of the maximum stress after ten minutes. The pure binder relaxes more than the mastics.
But after 10 minutes the residual tensile stress in the C-fix specimens is still between 0.5 and
1.15 MPa. Its is also clear that adding filler considerably reduces the relaxation of the C9.

3 TEST ON A POROUS ASPHALT CONCRETE MIXTURE

Pavement surface layers are always subjected to a combination of thermal and traffic induced
stresses. From cement concrete technology it is well known that in order to get the same number of
load repetitions, the repeated traffic reduced stress should be much lower when a thermal induced
stress is present than when such a stress is not present. The effect of the thermal stress however is
significantly reduced when the material exhibits a significant stress relaxation behavior. Since the
C-fix binder appears to be a stiff material and shows only limited relaxation behavior it was expected
that asphalt mixtures with a C-fix binder also show a limited relaxation behavior, indicating that
they might be sensitive to a combination of thermal and traffic induced stresses.

In order to determine the stress relaxation of a mixture, tests were performed on a PAC mixture
(see Table 4 for the mixture composition) using a Uniaxial Tension Tester (UTT). [6] From gyrotary
compacted specimen cylinders were sawn with a height of 130 mm and a diameter of 65 mm.

3.1 Relaxation in displacement controlled tests

A small displacement was imposed on the specimen in the longitudinal direction and held at the
specific strain level of 1.25 × 10−4. The longitudinal strain rate ε̇ was 0.25 × 10−4 implying that
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Figure 3. Relaxation of stress displayed as percentage of maximum stress. (note that the loading speed was
different for C9 compared to B70/100).

Table 4. Composition of porous asphalt concrete 0/16 [% (m/m)].

Gradation Composition [%(m/m)]

16–11.2 30.0
11.2–8 35.0
8–5.6 20.0
5.6–2 0.0
2–0.063 (sand) 10.5
>0.063 (filler) 4.5
Content of bitumen 4.5

it took 5 seconds to obtain the desired deformation. The load and its reduction were measured for
600 seconds. The displacements were kept small to ensure that they were in the linear viscoelastic
range. Figure 4 shows the test setup, while Table 5 shows some of the results obtained. The results
are also illustrated in Figure 5.

Relaxation in the C9 mixture at −10◦C is still present, although just 35 percent of the maximum
stress dissipated. At higher temperatures the maximum stress reduces considerably and more relax-
ation occurs in the C9 specimens. At +10◦C 77 percent of the maximum stress of 0.76 MPa, was
dissipated after 10 minutes. The relaxation of the B70/100 mixture at 0◦C is almost 100 percent
after 6 minutes. The maximum initiated stress at the beginning of the test with the same elongation
and elongation rate ε̇ is also very low. The relaxation of the PAC with B70/100 at −10◦C is almost
the same as PAC with C9 binder at +10◦C, both in terms of the maximum stress developing in the
specimen as well as the shape of relaxation curve (Figure 5). So it seems that a shift of 20◦C can
be observed for a PAC mixture.
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Figure 4. Uniaxial tension test setup.

Table 5. Relaxation of PAC mixture at different temperatures after loading till a strain level of approximately
1.25 × 10−4 and strain rate 0.25 × 10−4.

Maximum Stress relaxation
Temperature stress after 600 s Displacement

Material [◦C] [MPa] [%] [mm] ε(long)max

C9 −10 1,64 35,1 0,016 1,22E-04
0 1,37 51,3 0,016 1,24E-04

+10 0,76 77,1 0,016 1,26E-04
B70/100 −10 0,94 85,1 0,016 1,26E-04

0 0,35 100,0 0,016 1,25E-04

3.2 Relaxation in temperature controlled tests

Tensile stresses will develop in asphalt concrete mixtures in a pavement structure due to a decrease
in temperature. In order to get an idea of the tensile stresses that develop and the relaxation of those
stresses the following test was performed. The asphalt specimen was fastened in a uniaxial tension
test setup. The temperature was decreased with a constant temperature rate. Stress will build up
in the specimen due to the temperature change. After the desired temperature was reached, the
temperature was kept constant for a certain amount of time. During the temperature decrease and
after reaching the desired temperature some stress relaxation occurred.

The temperature in the temperature chamber was decreased from +10◦C to −10◦C with a cooling
rate of 2 and 5◦C per hour. The increasing stress and its relaxation due to the temperature decrease
are illustrated in Figure 6.

As shown in Table 6, the maximum induced tensile stress in the C9 mixture seemed to be inde-
pendent from the cooling rate. This was not the case for the B70/100 mixtures, but the stress build
up was very low as can be seen in Table 6. Furthermore it appeared that much higher stresses were
generated in the C9 mixtures. It also appeared that the relaxation in the B70/100 mixtures was much
more pronounced than in the C9 mixture. This became already clear during the cooling period the
maximum stress for the B70/100 was much lower than for the C9. The B70/100 mixture already
relaxed during the cooling period.
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Figure 6. Comparison of the stress build up and relaxation of the two PAC mixtures with temperature decrease
of 2◦C/hour.

3.3 Tensile strength

In the previous section attention is paid to tensile stresses that develop due to temperature and the
relaxation behavior of both the C9 and B70/100 mixtures. It is shown that the tensile stress in the
C9 is much higher than in B70/100, but the tensile strength of the materials at the given conditions
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Table 6. Relaxation compared after 5 hours relaxation time.

Tramp σmax Relaxation [%]
Mixture [◦C/hour] [MPa] (after 5 hours)

C9 −2 0,81 10,3
C9 −5 0,84 12,8
B70/100 −2 0,08 38,2
B70/100 −5 0,12 57,8

Table 7. Results of tensile strength [MPa] for the different PAC mixtures
and temperatures.

Temperature Tensile strength C9 PAC Tensile strength B70/100 PAC
[◦C] [MPa] [MPa]

+10 1.72 –
0 1.78 0.77
−10 1.89 1.90

are also important to know. The results of the tensile strength, which were measured in the UTT,
are shown in Table 7.

The strength of the PAC with C9 does not differ much with temperature change, whereas in the
PAC with B70/100 a significant decrease in strength can be noticed. Comparing the tensile stress
developed in the previous tests and the tensile strength, shows that the stresses for the PAC with
C9 at −10◦C are quite near the strength of the material.

4 CONCLUSIONS

Adding filler to the C-fix binder material has besides a stiffening effect also a toughening effect,
which can be derived from the results of the Direct Tension Test of the binders and mastics. This
toughening effect for the hard bituminous binder can also be observed in the shift of GlassTransition
Temperature.

From the results of the short term relaxation with the displacement controlled test it becomes
clear that already at 0◦C the relaxation capacity of the porous mixture with C9 is strongly reduced,
indicating high tensile stresses. After 10 minutes the initial stress of 1.37 MPa was only reduced
to half of its value. At −10◦C the stress in the PAC with C9 reaches almost 85% of its strength.
A shift of approximately 20◦C between standard PAC (70/100) and C9 PAC is noticed. At +10◦C
the C9 PAC shows the same short term relaxation behavior as PAC with 70/100 bitumen at −10◦C.

Building up of temperature induced stresses was investigated with a long term cooling test with
fixed specimen length. The used cooling rates from +10◦C to −10◦C hardly results in stresses
in the standard PAC, but in stresses above 0.8 MPa in C9 PAC. Even after 5 hours at −10◦C still
tensile stress levels of 0.7 MPa in the C9 PAC mixture are measured.

Comparison of the mastic behavior with the PAC mixture behavior (Figure 3 and 5 at −10◦C)
gives a similar picture, indicating that mastic behavior is the driving force for relaxation.
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ABSTRACT: The correlation between the stiffness moduli of a bituminous binder and an asphalt
mixture was intensively investigated by BRRC in earlier research. It was found that the complex
modulus of an asphalt mixture can be calculated using a function that includes the ratio of the
volume of dry aggregates to the volume of binder, air voids content, and the complex modulus of
the bituminous binder (Francken, 1996).

In this paper the validity of this correlation is verified for the special case of high-modulus
asphalt concrete. This asphalt type is characterized by a high-modulus bitumen and a higher binder
content. The experimentally determined complex modulus of a series of high-modulus mixtures
is compared with calculations based on Francken’s method. Different calculations are made with
different estimations of the stiffness of the bituminous binder (i.e. Van der Poel’s method, and DSR
measurements combined with the Arrhenius equation) and different approximations of the pure
elastic modulus of the bituminous binder (i.e. asymptotically approximated from DSR measure-
ments, an average value of 3000 MPa often used for traditional pen. binders, and a new averaged
value of 3640 MPa). Francken’s method combined with the different estimations of binder stiffness
makes it possible to estimate the stiffness modulus of a high-modulus asphalt mixture at different
temperatures and frequencies with an accuracy of approximately 10–20%.

Furthermore, the reliability of this stiffness estimation for use in structural design is investigated
with design software used in Belgium (DimMET, 2006). The findings show that Francken’s pre-
diction method as investigated in this paper, with an accuracy of 10–20% in estimating stiffness,
is good for use in the design of a road structure.

1 INTRODUCTION

Recently, there has been an increasing growth in traffic volume and loading. New road designs
and materials are introduced in response to this changing reality. One possible alternative is the
introduction of high-modulus asphalt. This type of bituminous mixture is characterized by a high-
modulus bitumen and a higher binder content. These mixtures have a higher stiffness and, as such,
a higher bearing capacity. They also perform better in fatigue, owing to the higher binder content
(BRRC, 2008).

The structural design of a road is based on the stiffness and fatigue properties of the bituminous
mixtures. Both parameters have an impact on the length of life of the road structure. Therefore, it
is important to accurately estimate the stiffness of a bituminous mixture from the various mixture
parameters. It was demonstrated in the past that there is a good correlation between the stiffness of
a bituminous mixture and three parameters: the volume ratio of dry aggregates and binder, voids
content, and the stiffness of the bituminous binder (Francken, 1996). This was demonstrated for
traditional asphalt concrete, porous asphalt, and stone mastic asphalt. In this paper, the validity of
this correlation is investigated for the case of high-modulus asphalt. This is done by comparing the
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experimentally determined stiffness of a series of high-modulus asphalt mixtures with calculated
values. Different calculations are made with different approaches to estimate the stiffness of the
bituminous binder (i.e. Van der Poel’s method, and DSR measurements combined with theArrhenius
equation) and different approximations of the pure elastic modulus of the bituminous binder (i.e.
asymptotically approximated from DSR measurements, an average value of 3000 MPa often used
for pure binders, and an new averaged value of 3640 MPa).

In a final section, the impact of variations in stiffness, of the order of 10–20%, on the structural
design of a road is investigated. This is done in order to verify the impact of the accuracy of
Francken’s calculation – combined with the different methods to estimate binder stiffness and the
pure elastic modulus – on the design of a road structure.

2 MODEL TO ESTIMATE THE STIFFNESS OF BITUMINOUS MIXTURES

The stiffness of a bituminous mixture can be estimated with a series of empirical relations as
presented below, in which mix composition and the complex modulus of the bituminous binder are
considered (Francken, 1996):

where E∞ is the pure elastic modulus, which is constant for a given mixture, and R∗ the reduced
modulus (0 < R∗ < 1), which describes the shape of the master curve of the modulus.

For these parameters the following relations are valid:

where

• E∗
bit is the complex modulus of the bituminous binder at a given temperature T and frequency f ;

• E∗
∞,bit represents the pure elastic modulus of the bitumen. For traditional binders (with a nor-

mal pen. value and no polymer modification) the pure elastic modulus can be approximated
by 3000 MPa (Francken, 1996). Alternatively, parameter E∗

∞,bit can be determined from DSR
measurement (dynamic shear rheometer) at low temperatures;

• Va is the volume percentage of dry aggregates in the mixture;
• Vl the volume percentage of binder in the mixture;
• ν the percentage of voids in the mixture. The voids content is determined by hydrostatic weighing

of the sample according to EN 12697-5.

Different methods exist to estimate the stiffness of the binder. Stiffness can be estimated from
its conventional properties by means of Van der Poel’s nomogram (VDP). Alternatively, it can be
determined with (DSR) measurements. A master curve, giving binder stiffness as a function of
temperature and loading frequency, is experimentally determined. Different methods are available
to describe temperature dependency, such as the WLF method and the Arrhenius relation. The latter
is used in this paper.
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2.1 Van der Poel’s nomogram

This nomogram was developed decades ago (Van der Poel, 1954) to estimate the stiffness modulus
of pure bituminous binders from their conventional properties: the ring-and-ball temperature TR&B,
the penetration index (PI), the frequency f of loading (in Hz), and temperature T. Note that Van
der Poel’s monogram is not valid for polymer-modified binders.

2.2 Master curve based on the rheological properties of a bitumen

With the dynamic shear rheometer (DSR), the stiffness modulus of a bitumen can be measured
for a wide range of temperature and frequency combinations. The results can be plotted into a
master curve giving the modulus as a function of a reduced parameter X , which is determined by
temperature and frequency – as follows:

The relation between temperature T and αT can be represented by the equation of Arrhenius:

where δH is the activation energy (cal/mol); R, is the universal gas constant (cal/mol.K); and Tref ,
is the reference temperature (in K). Moreover, it is known that E∗

bit asymptotically approximates
the pure elastic modulus E∗

∞,bit for high X values (that is, for low temperatures and high loading
frequencies).

3 STIFFNESS MEASUREMENTS ON HIGH-MODULUS ASPHALT

For this study, a series of fifteen high-modulus asphalt mixtures was investigated. Within this series
several mixture parameters were varied:

• 4 bituminous binders: Bit 1, Bit 2, Bit 3 and Bit 4;
• 2 types of skeleton: 3 mixtures with a sandy skeleton, and 12 with a stony skeleton;
• reclaimed asphalt (% RA): 6 mixtures with different percentages of RA (25% and 40%), and 9

mixtures without RA;
• binder content (% b);
• voids content (% of voids).

The fifteen mixtures and their respective parameters are presented in table 1. More details on mix
composition and other properties can be found in (BRRC, 2008; De Visscher et al., 2008).

The different binders were characterized and their properties are presented in table 1. Ring-and-
ball temperature, TR&B, was determined according to EN 1427:2000-(01/2000); penetration, pen.,
according to EN 1426:2000-(01/2000). For the mixtures with RA, TR&B and pen. of the total binder
were, therefore, determined by applying the mixing rules (Read et al., 2003):

where νo and νn are the percentages of RA and new bitumen, respectively, and o, n, and blend
represent the RA and the new, and the blended binder, respectively.

Dynamic shear rheometer (DSR) measurements were performed on the bituminous binders
according to EN 14770:2005-(10/2005). The pure elastic modulus of the bitumen, E∗

∞,bit , was
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Table 1. Overview of the bituminous mixtures.

Voids TR&B Pen. E∗
∞,bit E∗ (MPa)

Mix Skeleton Bitumen % b % RA (%) (◦C) (1/10 mm) (MPa) 15◦C, 10 Hz

1 stony 2 5.5 0 1.5 66.4 23.0 4357 12381
2 sandy 2 5.4 0 2.4 66.4 23.0 4357 12722
3 stony 1 5.5 0 2.6 69.8 17.0 4557 14556
4 stony 3 5.5 0 2.5 66.0 18.0 2729 14608
5 stony 4 5.5 0 1.7 68.6 23.0 2929 14272
6 stony 1 5.5 0 2.4 70.2 16.0 4557 12740
7 stony 1 5.3 0 2.3 70.2 16.0 4557 11859
8 stony 1 5.5 40 2.3 69.0 16.4 4557 12839
9 sandy 2 5.3 25 3.1 67.2 23.0 4357 11989
10 stony 1 5.8 0 1.2 70.2 16.0 4557 13900
11 stony 1 5.8 40 3.9 65.9 21.1 4557 10581
12 stony 1 5.7 25 2.1 67.5 19.0 4557 12461
13 stony 1 5.6 40 2.7 65.9 21.1 4557 10579
14 sandy 2 4.9 0 3.6 66.4 23.0 4357 13492
15 stony 1 5.8 40 1.4 65.9 21.1 4557 12048

determined as the asymptotic value of E∗
bit towards low X values (low temperatures, high frequen-

cies) in a DSR measurement. Note that DSR measurements are performed on new binders only and
not on binders which are a blend of a new and an old binder (from RA). Consequently, the E∗

∞,bit
values reported for the bituminous mixtures containing RA only represent the new binder. This is a
good approximation, since the new binder is the largest fraction in the blend of binders; moreover,
in the case of high-modulus asphalt, in which hard binders are used, the stiffness of the RA binder
is generally comparable to the stiffness of the new binder (BRRC, 2008).

The stiffness modulus E∗ of the bituminous mixtures was measured with the two-point bending
test according to EN 12697-26 (AnnexA). This test was performed at various temperatures between
−20◦C and 30◦C and different loading frequencies between 1 Hz and 30 Hz. The stiffness moduli
of the different mixtures at 15◦C and 10 Hz are given in the last column of table 1.

4 COMPARISON BETWEEN STIFFNESS MEASUREMENTS AND ESTIMATIONS

Following the model presented in section 2, four different methods were used to estimate the
stiffness modulus of the various bituminous mixtures. All of them are based on Francken’s method
to estimate the stiffness modulus from the stiffness of the binder.

A first method makes use of Van der Poel’s nomogram to estimate the stiffness of a bitumen from
its conventional properties. This method is referred to as Van der Poel-Francken method. Three
different values of E∗

∞,bit were tried:

1. the experimentally estimated E∗
∞,bit (asymptotically determined from DSR measurements at low

temperatures and high frequencies);
2. E∗

∞,bit was approximated by 3000 MPa, as it is done for traditional pen. binders;
3. E∗

∞,bit was approximated by 3640 MPa, the averaged value of the asymptotically determined
E∗

∞,bit-values of the 4 high-modulus binders investigated in this study.

Note that E∗
∞,bit was determined by extrapolation from the DSR measurements, but that the limits

of the DSR measurement are lower for high-modulus bitumens than for traditional pen. binders.
Another method makes use of the Arrhenius relation to determine a master curve from DSR

measurements performed on the bituminous binder. The combination with Francken’s method is
called the Arrhenius-Francken method. Details of the calculations can be found in (BRRC, 2006).
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Figure 1. Stiffness of bitumen 4 versus temperature T, at a frequency of 10 Hz.

Figure 1 shows the stiffness modulus of bitumen 4 as a function of temperature. This graph
contains the experimentally determined stiffness (represented by black circles), the Van der Poel
simulation with E∗

∞,bit estimated from DSR measurements (represented by white triangles), and
the Arrhenius approximation (represented by crosses). Figure 2 shows the stiffness of asphalt
mixture 5 versus temperature. This graph represents the experimentally determined stiffness (rep-
resented by black circles) as well as the estimations by the Van der Poel-Francken method (with
E∗

∞,bit asymptotically estimated from DSR measurements) (represented by white triangles) and the
Arrhenius-Francken method (represented by crosses).

In figure 3, the relative differences between the estimated and the experimentally determined
stiffnesses are represented per mixture. The black, dark grey, light grey, and white bars respectively
represent the estimations by the Van der Poel-Francken method with E∗

∞,bit = asymptotically deter-
mined from DSR measurements, with E∗

∞,bit = 3000 MPa and with E∗
∞,bit = 3640 MPa, and the

estimation by the Arrhenius-Francken method. The various plots (a), (b), (c), and (d) respectively
represent the differences in stiffness at −10◦C, 0◦C, 15◦C, and 30◦C, for a frequency of 10 Hz.

In order to compare the different estimation methods, the average value of the relative difference
between estimated and experimental values is presented in table 2. The largest differences are
obtained for the estimation by the Van der Poel-Francken method with E∗

∞,bit = 3000 MPa. This
method overestimates the stiffness modulus by more than 20% over all temperatures investigated.
At high temperatures very large overestimates are found. For the other methods, it is hard to assess
from the available data which method gives the best estimation of stiffness, as the results are very
similar. Hence, it can be concluded that the various methods are capable of predicting the stiffness
of a high-modulus asphalt mixture with an accuracy of 15 to 20%, except the Van der Poel-Francken
method with E∗

∞,bit = 3000 MPa.
The influence of the skeleton of the asphalt mixture on the accuracy of the stiffness estimation

was investigated. No correlation between the skeleton and the accuracy of the stiffness estimation
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Figure 2. Stiffness of bituminous mixture 5 versus temperature.

Table 2. Average value and standard deviation of the relative differences
between estimated and experimentally determined stiffness moduli (in %).

−10◦C 0◦C 15◦C 30◦C

VDP-Francken 6 ± 10 1.5 ± 12 −7 ± 11 4 ± 15
E∞,bit DSR-estimated
VDP-Francken 15 ± 12 12 ± 12 9 ± 13 26 ± 20
E∞,bit = 3000 MPa
VDP-Francken 11 ± 11 5 ± 11 1 ± 12 14 ± 19
E∞,bit = 3640 MPa
Arrhenius-Francken 11 ± 12 3 ± 12 −9 ± 14 −8 ± 14

was found (BRRC, 2006). Also investigated was the influence of the use of RA in the asphalt mix-
ture. The average difference between simulation and experimental stiffness modulus is presented
in table 3. The Arrhenius-Francken method was not used in this case, because no rheological mea-
surements are performed on blends of new and and aged (RA) bituminous binders. In spite of the
limited amount of available data, there is a clear tendency for the three methods to lead to larger
deviations when RA has been used. This may be caused by the mixing rules used to estimate TR&B

and pen. of the blends, and will be studied in more detail in the future.

5 INFLUENCE OF THE STIFFNESS OF THE BITUMINOUS MIXTURE ON
STRUCTURAL DESIGN

In this section, the influence of variations in stiffness on the structural design of a road is investigated.
One of the aims of the particular study is to determine the impact of a difference of 10–20% in
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Figure 3. Relative differences between measured and estimated stiffness modulus, for the various estimation
methods used.
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Table 3. Average value and standard deviation of the relative differences between estimated and experimentally
determined stiffness moduli (in %).

−10◦C 0◦C 15◦C 30◦C

RA RA RA RA

VDP-Francken 3 ± 11 10 ± 7 −4 ± 10 9 ± 12 −7 ± 13 −5 ± 5 1.5 ± 17 9 ± 11
E∞,bit DSR-estimated
VDP-Francken 9 ± 10 23 ± 8 7 ± 9 20 ± 10 6 ± 15 −14 ± 6 20 ± 20 36 ± 16
E∞,bit = 3000 MPa
VDP-Francken 6 ± 10 19 ± 8 0 ± 9 13 ± 9 −3 ± 14 −6 ± 5 8 ± 19 24 ± 16
E∞,bit = 3640 MPa
Arrhenius-Francken 11 ± 12 / 3 ± 12 / −9 ± 14 / −8 ± 14 /

stiffness (which is a realistic variation in stiffness between experimental and calculated value, as it
was found in the previous section) on the structural design of a road.

Structural design was studied with the software DimMET jointly developed by BRRC and
Febelcem on the request of MET (the Walloon Road Administration) (DimMET, 2006). This design
software makes use of the multilayer model of elastic materials for the structural design of semi-rigid
and flexible road pavements with a bituminous surface layer.

The example considered is the following: a standard Belgian traffic histogram in which only
single axles are considered; an average of 5000 heavy vehicles per day; 300 working days per year;
and an average of 3.6 axles per vehicle. The road structure used for this simulation consisted of
a bituminous surface layer of 50 mm in AC-1B, a bituminous binder course of 100 mm in high-
modulus asphalt (mixture 10 from table 1), an unbound base layer of 215 mm in crushed stone
(E = 650 MPa), a subbase layer of 400 mm in sand (E = 500 MPa), and a subgrade soil with a
CBR of 4.

For the simplicity of the simulation, a fixed temperature of 15◦C during the entire year was con-
sidered instead of seasonal temperature changes. The loading frequency was 30 Hz, corresponding
with a vehicle speed of approximately 60 km/h. Under those conditions, the stiffness modulus of
the AC-1B surface layer is approximately 9900 MPa, while the stiffness modulus of high-modulus
asphalt mixture 10 is 15900 MPa. The stiffness of the HMA was reduced by approximately 10, 20
and 30%, respectively, in order to investigate its effect on the structural design. The influence of
the reduction in stiffness on the structural design is represented in table 4. In this table, the first
column gives the HMA’s stiffness used for the structural design, while the second column indicates
the relative deviation of the stiffness modulus used from the original value of 15900 MPa. The 3rd
column indicates the design life of the road structure, and the 4th column the failure probability
after a period of 30 years. The last column gives a compensation in thickness of HMA needed to
maintain the design life of 30 years of the original structure (with E = 15900 MPa ).

From these results, it can be inferred that a difference of 30% in stiffness only has a minor
influence on the design life of the road structure. In that case, the life decreases from 30 to 27
years, i.e., by approximately 10%. This reduction in life can be compensated by an increase in layer
thickness of 8 mm, or approximately 8%. For smaller deviations in stiffness, the decrease in life is
even smaller. A reduction of approximately 10% in stiffness shortens the design life by only 3 to
4% and requires an increase in layer thickness of only 2 to 3% for equal life.

6 CONCLUSIONS

Complex moduli of a series of high-modulus mixtures were experimentally determined and com-
pared with values predicted from Francken’s method, in which the influence of mix composition
and binder properties are considered.
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Table 4. Results of the structural design simulations performed in DimMET as a function
of the stiffness of the HMA.

E∗
Mix 10 Relative Design life Failure Extra thickness for

(MPa) difference (%) (years) probability (%) equal life (mm)

15900 0 30 47.6
14700 10 29 50.7 2
13300 20 28 53.8 4
11100 30 27 58.8 8

It can be concluded that for asphalt mixtures with high-modulus bitumen, the stiffness modulus
of the mix can be very well predicted with both the Van der Poel-Francken method with the pure
elastic modulus, E∗

∞,bit , determined from the DSR measurements or approximated by 3640 MPa,
and the Arrhenius-Francken method. Both methods give an estimate of the stiffness modulus
accurate to within 10–20%. A slightly worse estimate of the stiffness modulus, with an accuracy
of more than 20%, is obtained with the Van der Poel-Francken method when an approximated pure
elastic modulus, E∗

∞,bit , of 3000 MPa is used for the bitumen.
In order to decide if such models are acceptable for use in structural design calculations, the

impact of various variations in stiffness modulus on structural design was evaluated. It can be con-
cluded that such variations in stiffness only have a limited impact on structural design. A difference
of 10% in stiffness gives rise to a change of 3–4% in design life and 2–3% in thickness. From this
we can conclude that prediction models, based on the mix composition and the binder properties,
are indeed interesting means for use in structural design calculations.
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ABSTRACT: The objective of the research was to investigate the use of acoustic emission to
analyze the microstructural phenomena of damage and the corresponding macroscopic behavior
in asphalt mixtures tested at low temperature. An acoustic emission system with eight channels of
recording was used to monitor the specimens tested in creep and in strength testing. The source
location and the AE event count were used to illustrate the relationship between the micro damage
and macroscopic behavior for the two different test conditions. The analysis indicates that a damage
zone develops in both the creep and the strength tests. The damage zone changes with the test
temperature and the loading level applied during the creep test.

1 INTRODUCTION

It is well recognized that asphalt mixtures have complex temperature-sensitive behaviors. The
response to a given loading is strongly dependent on temperature and loading path. A change of
a few degrees in temperature induces dramatic changes in behavior of the asphalt mixture. The
behavior can vary from relatively ductile at higher temperature to brittle at lower temperature.

Low temperature cracking is the most significant distresses in asphalt pavements built in
cold climates. Low temperature cracking is attributed to tensile stresses induced in the asphalt
pavement as the temperature drops to extremely low values. The accumulation of tensile stress
to a certain level is associated with the formation of microcracks, which release energy in the
form of elastic waves called acoustic emission (AE). The current AASHTO specification for
asphalt mixture low temperature characterization consists of two tests: the indirect tensile creep test
(ITC) and the indirect tensile strength test (ITS). For both tests, cylindrical specimens of 150 mm
diameter × 50 mm thickness are loaded in compression across the diametral plane.

This paper investigates the use of AE to analyze the microstructural phenomena and the
corresponding macroscopic behavior in asphalt mixtures tested at three low temperatures. For
each test temperature, two different loading levels were used in the creep test and one constant
stroke rate of 1 mm/min was employed in the strength tests. This was done to identify the damage
development with loading levels and to compare the damage zone in creep and failure tests.

This research is important because it provides physical evidence of damage and its development
in asphalt mixtures subjected to constant loading at low temperatures. This raises the important
question of the validity of linear assumptions in the IDT creep test and data analysis and of how
representative of true pavement conditions are the creep load level and the strength displacement rate
recommended by AASHTO. In addition, this research sheds more light into the failure mechanism
at low temperature and provides information that can be used to design better fracture resistant
asphalt pavements.
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2 BACKGROUND

AE methods represent a well-documented and widely used tool to characterize microscopic fracture
processes and therefore to evaluate damage growth in brittle materials. An acoustic emission is
defined as a transient elastic wave generated by the sudden release of energy from localized damage
processes within the stressed material. This energy release causes the propagation of stress waves
that can be detected at the surface of the material. Acoustic emissions result from microcracking,
dislocation movement, phase transformation, and other irreversible changes in the material.

Due to its capability of detecting internal damage, AE has been used for many years to study
the behavior of materials such as rock and concrete. By studying the occurrence of AE events, the
investigations are generally focused on the cumulative number of AE events, the rate of occurrence,
amplitude distribution, energy and frequency distribution.

Compared to the vast number of studies performed on Portland cement concrete and rocks, a
literature search on the use of AE in asphalt materials results in a very limited number of references.
This is due to the fact that for most service temperatures asphalt mixtures display viscous and ductile
behavior and the development of defects is gradual and does not produce emissions that can be
detected.

In one of the first efforts to document the use of AE to characterize the fracture of asphalt
mixtures under thermal loading conditions at low temperatures, Valkering & Jongeneel (1991)
used a single piezoelectric transducer mounted on the surface of the specimen. The cumulative
event counting was analyzed to determine how damage accumulates during loading. Their work
was followed by a small number of studies performed by different authors who also limited their
analyses to counting of AE events.

AE techniques were also investigated during the Strategic Highway Research Program (SHRP)
in an effort to better characterize the cohesive, adhesive and thermal properties of asphalt binders
(Chang, 1994; Wang, 1995; Qin, 1995). However, this work was performed at higher temperatures
that considerably limited the analysis of the AE results. Sinha (1998) reported on the AE activity in
unrestrained asphalt mixture samples exposed to thermal cycling at low temperatures to show that
micro cracking occurs in asphalt mixtures due to the difference between the thermal contraction
coefficients of the aggregate and of the asphalt binder. Hesp et al. (2001) investigated AE activity in
restrained asphalt mixture samples undergoing various temperature cycles and Cordel et al. (2003)
used two transducers to detect the AE events in asphalt mixture direct tension tests performed at
low temperatures.

In a recent study by Li & Marasteanu (2006), the accumulated AE events obtained from an AE
system with eight channels of recording were analyzed to illustrate the relationship between the
micro damage and macroscopic behavior of the asphalt mixtures at different loading levels. In
addition, the initiation and propagation of the cracking were observed using the localization of the
event source and the fracture process zone in the asphalt mixtures was measured by observing the
distribution of microcracks with different energy levels.

3 EXPERIMENTAL PROCEDURE

The asphalt mixture used in this study was prepared using the Superpave design procedure outlined
in SP-2. One asphalt binder with performance grade (PG) 58-34 and modified by styrene-butadiene-
styrene (SBS) was used. Granite aggregate was selected to prepare the mixture. Cylindrical
specimens 150 mm by 170 mm were compacted using the Brovold gyratory compactor. A 4%
target air voids was achieved after compaction. The compacted samples were then cut into 3 slices
with 50 mm in thickness.

The indirect tensile test set-up is shown in Figure 1. A sample with dimensions of 150 mm
diameter by 50 mm height was loaded in static compression across its diametral plane. Different
load levels were applied in the creep test to investigate the effect of load levels on the development
of the micro damage during the creep test. A constant loading rate of 10 kN/s was used at the
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Figure 1. Schematic of experimental setup.

beginning of the creep test. Following the creep test, indirect tensile strength test was performed
at the same temperature. A constant stroke rate of 1 mm/min was applied during the strength test
until failure.

An AE system with eight channels of recording was used to monitor the asphalt mixture
specimens tested in creep and strength tests. The AE event signals were recorded using four DAQ
cards (Model PCI-5112, National Instruments). Each card had two independent channels which
acquired AE signals detected by eight piezoelectric sensors (Model S9225, Physical Acoustics
Corporation). Four sensors were mounted on each side of the specimen using M-Bond 200, a
modified alkyl cyanoacrylate. The preamplification of the AE signals was provided by eight
preamplifiers (Model 1220C, PAC) with a gain set to 40 dB. One of the sensors was used as a
trigger, which was often the one closest to the tip of the initial notch. Trigger level was set at 10 mV
in this research. Once the recording was triggered, signals were band-pass filtered (0.1–1.2 MHz)
and sampled at 20 MHz over 200 microseconds.

Considering the ringing of the resonant sensor, a sleep time of 9 milliseconds between two
consecutive events was prescribed during which the system could not be triggered. The velocity
of propagation of the longitudinal waves was determined by generating an elastic wave by pencil
lead (0.5 mm diameter) breakage on the opposite side of the specimens.

Tests were performed in a MTS servo-hydraulic testing system. The TestStar IIs control system
was used to set up and perform the tests and to collect the data. The software package Multi Purpose
TestWare was used to custom-design the tests and collect the data. All tests were performed inside
an environmental chamber. Liquid nitrogen tanks were used to obtain the required low temperature.
The temperature was controlled by MTS temperature controller and verified using an independent
platinum RTD thermometer.

Three test temperatures, −12◦C, −24◦C and −36◦C were selected based on the PG lower limit
of the asphalt binder. Two specimens, one replicate for two different loading levels, were fabricated
for the creep testing at each temperature. The specimen used for the creep test at the lower loading
level was also used for the strength test, 30 minutes after the creep test.

4 DISCUSSION OF RESULTS

The mechanical response for all three temperatures during the strength tests are shown in Figure 2.
At the highest temperature (−12◦C), the asphalt mixture is more ductile and it has lower peak load
and larger displacements. At the lowest temperature (−36◦C), the material is brittle. At −24◦C
temperature, the mixture exhibits an intermediate behavior.
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Figure 2. Load and AE count versus displacement from strength test: (a) −12◦C; (b) −24◦C; (c) −36◦C.

4.1 AE event counting

The event count curves under different temperatures follow a similar pattern. Very few AE events
were detected at the beginning of the test but soon after the AE rate was constant at 7 to 8 events per
second. The black circle on the event count curve shows the loading level in the creep test performed
before the strength test. For all strength plots under different temperatures, more than 100 events
were recorded before the loading level applied in the creep test was reached. This appears to indicate
that the Kaiser effect, which describes the phenomenon that a material under load emits acoustic
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Figure 3. Typical plot for load and AE count versus time from creep test: (a) 12.5 kN at −24◦C; (b) 30 kN at
−24◦C.

waves only after a primary load level is exceeded, is not applicable to the material investigated in
this study.

A typical plot of loading and AE event count versus time for the creep test is shown in Figure 3.
The two creep tests with different load level under the same temperature show a similar trend with
time. AE events were recorded with a fast event rate immediately after the creep load level was
applied in a short time and the event rate decreased with time. It was found that more events were
recorded in the creep test with higher loading level.

4.2 AE source location

The source location of the AE events can be inferred by investigating the differences of the first
time of arrival among the transducers placed at different locations on the specimen. Therefore, it is
necessary to determine the arrival time of the elastic waves for each sensor from the recorded AE
event. The correct picking of the first arrival strongly affects the accuracy of the source location
(Labuz et al., 1997). The mean amplitude and standard deviation of the noise during the pre-trigger
period was calculated and a threshold was set at three times the standard deviation from the mean.
By measuring the time at which the signal passes this threshold value for each sensor, the relative
arrival time can be obtained.

Once the arrival times of the event were deter-mined from the sensor records, the location of the
AE event source can be estimated. It should be noted that not all events can be located. It was found
that only 143 events were located with 10 mm error for the creep test under the lower loading level
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Figure 4. Event locations and damage zone for strength test: (a) −12◦C; (b) −24◦C; (c) −36◦C.

at −24◦C. Therefore, event locations with 143 events are selected and plotted for the comparison. A
rectangle was drawn to contain 90% of these 143 events. Figure 4 shows the first 143 AE locations
obtained from the strength test under different temperatures. It can be seen that the AE events in
Figure 4(a) and (c) are evenly distributed along the symmetric axis of the specimen, whereas the
AE events in Figure 4(c) is skewed to the left side of the specimen. This may be explained by the
fact the asphalt mixture is not perfectly homogenous and its properties can be affect by the air voids
and aggregate distribution inside the material. It is found that the size of the damage zone, which
is defined here as the area with microcracking inside the rectangle, changes with temperature for
the strength test. The width of this zone decreases with the decrease in test temperature. While no
clear difference is found for the length of the damage zone for the two higher temperatures, the
damage zone at the lowest temperature is obviously longer than the damage zones at the two higher
temperatures.

Figures 5, 6 and 7 show the locations for the last 143 events during the creep test for all
temperatures. It should be noted that the damage zone in most specimens is skewed to the left side;
this is most likely due to the non-homogeneity of the test specimens, although substantially more
testing is required to validate this statement. It is observed that for all temperatures the damage
zone obtained at the higher load was significantly larger in width than the zone obtained from the
lower load creep test. For example, the damage zone obtained from the lower load level creep test
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Figure 5. Event locations and damage zone for creep test at −12◦C: (a) 10 kN (33% of strength); (b) 15 kN
(50% of strength).

Figure 6. Event locations and damage zone for creep test at −24◦C: (a) 12.5 kN (25% of strength); (b) 30 kN
(60% of strength).

Figure 7. Event locations and damage zone for creep test at −36◦C: (a) 25 kN (38% of strength); (b) 40 kN
(61% of strength).
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at −12◦C is 24 mm in width, while the damage zone from the higher load level creep at the same
temperature is 29 mm wide. For the creep tests with relatively lower load level, both the width and
length of the damage zone decreased with the decrease of test temperature (Figs 5a, 6a, 7a). For
example, the damage zone obtained from the lower load level creep at −24◦C is 21 mm by 60 mm,
while the size of damage zone from the higher load level creep at −36◦C is 18 mm by 55 mm.

5 CONCLUSIONS

Indirect tensile creep tests at two different loading levels and strength tests were performed at
three different test temperatures for one asphalt mixture. An acoustic emission system with eight
channels of recording was used to monitor the development of microcracking in the specimens for
both tests.

The experimental data show that the asphalt mixture presented more brittle behavior with
decrease in test temperature, as expected. Few events were recorded at the beginning of the strength
test but the AE rate was constant at 7 to 8 events per second above a certain loading level. However,
a similar event rate was found immediately after the creep load was applied, but the event rate
decreased with time. Creep tests at higher load levels were found to produce more events than the
tests with lower load levels for all test temperatures. This information suggests that micro damage
occurs during creep tests, which has not been previously reported. This investigation appears to
indicate that linear viscoelastic conditions are not always present during IDT testing and raises the
question of how representative of field conditions are the loading parameters recommended in the
AASHTO specification.
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The effects of different waveforms and rest period in cyclic loading
on the fatigue behavior of the asphalt mixtures

K. Kogo & K. Himeno
Chuo University, Tokyo, Japan

ABSTRACT: The four point bending fatigue tests were carried out for dense graded asphalt
mixtures under various wave patterns in repeated loading: sinusoidal, triangular, twin peaks, sinu-
soidal with one second rest period, sinusoidal with ten second rest period. Analyzing the results
using classical fatigue analysis, energy approach and ENTPE fatigue damage approach, it was
found 1) that the fatigue damage subjected in asphalt mixtures differs significantly depending on
the wave patterns of repeated loading, giving much difference in the number of load applications
to failure, 2) that the number of load applications to failure is depending considerably on the rest
period 3) that there are linear relations between the rate of dissipated energy change and the number
of load applications to failure without the rest period, showing approximately constant relations
even if loading wave pattern is different, 4) that there are linear relations between the rate of stiffness
change and the number of load applications to failure, showing approximately constant relations
even if loading wave pattern and rest period are different.

Keywords: fatigue, crack, asphalt mixture, dissipated energy, damage approach.

1 INTRODUCTION

1.1 Background

Fatigue cracking due to repeated traffic loading is one of the major distresses in asphalt pavements.
Resistance against fatigue cracking is therefore an essential property to be considered in the design
of asphalt pavement [1].

The factors that affect the fatigue of an asphalt mixture include those related to load, environment,
and the mixture. The load factors include load level, loading wave pattern, loading time (frequency
and presence/absence of rest period); the environmental factors include temperature, water, and
changes in the materials during the use of the mixture; and the mixture factors include mixture
formula and the properties of binder and aggregate [2].

As regards loading wave pattern and rest period, which are addressed in this study, many of
the past studies based on laboratory experiment adopted sinusoidal waves and continuous loading.
Actual traffic loads, however, are not continuous sinusoidal waves but are rather complicated
wave patterns that occur discontinuously and irregularly. It is therefore considered meaningful to
investigate the effect of wave pattern and rest period on the fatigue behavior of asphalt mixtures
with the aim of understanding the fatigue behavior of asphalt mixtures on real roads and developing
measures to improve the crack resistance of asphalt pavement.

1.2 Objective

The effect of the wave pattern and rest period of loading on the fatigue behavior of an asphalt
mixture was investigated in this study through laboratory fatigue testing. The experimental results
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Table 1. Asphalt mixture formula and grading.

Proportion of 13–5 mm 37.5
aggregate % 5–2.5 mm 20.0

Coarse Sand 32.7
Fine Sand 6.5
Filler 3.3

Mass, percent 13.2 mm 100
passing % 4.75 62.5

2.36 42.5
600 µm 24.1
300 15.1
150 9.3
75 6.0

Straight Asphalt 60–80% 5.8

were then analyzed with the aim of finding an index of the fatigue damage of asphalt mixtures that
can be used universally regardless of loading conditions.

1.3 Outline of this study

Fatigue tests with different loading wave patterns and rest periods were carried out by using four-
point bending fatigue test equipment.

From the experimental results, dissipated energy for each wave pattern was determined, and total
dissipated energy to failure and the rate of dissipated energy change were investigated in relation
to the number of load applications to failure. The relationship between the rate of stiffness change
and the number of load applications to failure was also investigated by using the fatigue analysis
method developed by Ecole Nationale des Travaux Publics de l’Etat (ENTPE) in France [3, 4].
Here, the rate of stiffness change is an index of fatigue damage corrected for the effect of specimen
temperature change due to dissipated energy change and the effect of binder thixotropy.

2 EXPERIMENTAL METHOD

2.1 Mixture formula

The mixture formula and grading of the dense graded asphalt mixture (13) used in this study are
shown in Table 1. Straight asphalt 60–80 was selected as a binder, and the binder content was set
to 5.8% (optimum asphalt content).

2.2 Test methods

a) Four-point bending fatigue test
The conditions of the four-point bending fatigue test are listed in Table 2, and the loading wave

patterns used are shown in Figure 1.
Dense graded asphalt mixture (13), with the prescribed density, was formed into a platy shape

of 40 × 300 × 400 mm and then cut into five specimens of 40 × 40 × 400 mm in shape.
Four different wave patterns (triangular wave, twin-peaks wave, sinusoidal wave with 1s rest

period, and sinusoidal wave with 10s rest period) were prepared by using the 0105 Arbitrary Wave
Pattern Editor software of NF Corporation. The data generated was then input to the fatigue test
equipment through the WF1943A Multifunction Synthesizer of NF Corporation. The test was
controlled with regard to displacement, so that strain amplitude generated on the top and bottom
faces of the specimen would be within the range between 200 and 400 µm/m.
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Table 2. Test conditions.

Dimension of specimem 40 × 40 × 400 mm
Span 300 mm
Type of loading 4 point bending
Mode of loading Strain controlled
Wave pattern Sinusoidal, Triangular, Twin peaks

Sinusoidal + Rest1s
Sinusoidal + Rest10s

Frequency Sinusoidal, Triangular → 5 Hz
Twin peaks → 2.5 Hz
Sinusoidal + Rest1s → Loading0.2s + Rest1s
Sinusoidal + Rest10s → Loading0.2s + Rest10s

Test Temperature 10◦C

Sinusoidal Triangular Twin peaks

Figure 1. Loading wave patterns.

Figure 2. Uniaxial fatigue test equipment.

The number of load applications to failure corresponds to a sudden decrease observed in stress
amplitude.
b) Phase angle measurement in uniaxial fatigue test

Because it was difficult to measure phase angle precisely with the four-point bending fatigue test
equipment used in this study, the phase angle used for calculating dissipated energy was inferred
from the relationship between stiffness and phase angle (see section 4.1) measured by using uniaxial
fatigue test equipment (Figure 2) [5].

To prepare specimens for the uniaxial fatigue test, an asphalt mixture of the prescribed density was
formed into a rectangular piece of 300 × 300 × 100 mm. Then, the central part of the rectangular
piece was cut and shaped into three cylinders of 75 mm in diameter and 120 mm in height, and the
top and bottom faces of each cylinder were polished to make them parallel to each other. Phase
angle was measured by means of displacement control; displacement amplitude was controlled so
that strain amplitude generated in the specimen would be 50 µm/m. Test temperature was varied
within the range between −10 and 50◦C.
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Figure 3. Fatigue test result (Effect of wave pattern). Figure 4. Fatigue test result (Effect of rest period).

3 EXPERIMENTAL RESULTS

3.1 Effect of loading wave pattern

The results of the four-point bending fatigue test for different wave patterns are summarized in
Figure 3.

The number of load applications to failure varies with the wave pattern of load. Regardless of
strain, the number of load applications to failure in the twin peaks wave was about one half that
in the sinusoidal wave. The number of load applications to failure in the triangular wave is greater
than that in the sinusoidal wave when strain is high (about 400 µm/m), but they are about the same
when strain is low (about 200 µm/m).

3.2 Effect of rest period

The results of the four-point bending fatigue test for different rest periods are summarized in
Figure 4.

For the same strain level, the number of load applications to failure was greater in the wave
patterns having rest period than in the continuous sinusoidal wave pattern. The longer the rest
period, the greater the number of load applications to failure.

4 DISSIPATED ENERGY AND FATIGUE FAILURE CHARACTERISTICS

4.1 Phase angle measurement

When an external cyclic load is applied to a viscoelastic substance such as an asphalt mixture,
the observed stress wave pattern becomes advanced in phase than the strain wave pattern. When
strain is plotted against stress, a hysteresis loop is drawn as shown in Figure 5. Stress and strain
measurements were carried out at intervals of 0.002 s in the present study. Phase angle φ was
calculated from equation (1), where L1 and L2 were read from Figure 5.

The relationship between stiffness and phase angle measured with the uniaxial fatigue test
equipment is shown in Figure 6.
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Figure 5. Calculation of phase angle.
Figure 6. Relationship between stiffness and phase
angle.

4.2 Dissipated energy and fatigue failure characteristics

Because it was difficult to measure phase angle precisely with the four-point bending fatigue test
equipment used in this study, dissipated energy was determined by using phase angle estimated
from Figure 6, where stiffness values were obtained by the four-point bending fatigue test.

With an external load of sinusoidal wave pattern applied to the specimen, stress given by equation
(2) and strain given by equation (3) with phase angle lag φ are generated in the specimen. Then
dissipated energy per volume per load cycle is given by equation (4) on the basis of viscous elements
in the specimen.

Here, σ0 and ε0 are stress amplitude and strain amplitude, respectively.
For the triangular wave, stress is given by a function obtained by extending equation (5) cyclically

with σ(t + 2π/ω) = σ(t), and the Fourier series expansion of this function results in equation (6).
Then, strain with phase angle lag φ is given by equation (7). Similar to the case of sinusoidal wave,
dissipated energy per volume per load cycle for the triangular wave is given by equation (8), which
can be solved by numerical integration.
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Figure 7. Relationship between total dissipated
energy and the number of load applications to failure. Figure 8. Rate of dissipated energy change.

Similarly, dissipated energy for the twin peaks wave is given by equation (11).

Figure 7 shows the relationship between total dissipated energy and the number of load applica-
tions to failure. Although these values are plotted linearly on a double logarithmic chart as found
in past studies [6, 7], the position of the plot varies with loading wave pattern (e.g., a difference is
seen between the sinusoidal and twin peaks wave). Although the reason for this difference is not
clear, it is suggested by Kim et al. [8] that not all dissipated energy contributes to fatigue damage.
Therefore, the percentage of the total dissipated energy that contributes to fatigue damage may
vary with loading wave pattern. It is inferred that the percentage is smaller in the twin peaks wave
than the sinusoidal and triangular waves and that the percentage is about the same in the latter two
waves.

Making reference to the dissipated energy ratio (DER) proposed as an index of fatigue damage
by Ghuzlan, Carpenter, and others [9, 10, 11], the rate of dissipated energy change was deduced
as described below to investigate its relation to the number of load applications to failure.

In the displacement-controlled fatigue test, dissipated energy decreased gradually as the number
of load applications increased and dropped sharply when the number approached the state of failure
(Figure 8). The rate of dissipated energy change was obtained from equation (12), which describes
the slope of the plot within the range where dissipated energy changes linearly with the number of
applications in Figure 8.

Figure 9(a) shows the relationship between the rate of dissipated energy and the number of
load applications to failure. Figure 9(b) shows the results of a uniaxial fatigue test conducted in a
previous study [5] in addition to the results obtained in the present study. For the same continuous
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Figure 9. Relationship between the rate of dissipated energy and the number of load applications to failure.

loading (four-point bending), there is a nearly-constant, linear relationship between the rate of
dissipated energy and the number of load applications to failure regardless of the wave patterns
(Figure 9(a)). A different relationship is observed, however, when rest period is introduced or a
different type of loading (uniaxial fatigue test) is used (Figure 9(b)).

5 ENTPE’S APPROACH TO FATIGUE DAMAGE [3, 4]

The relationship between the rate of stiffness change and the number of load applications to failure
was investigated by using the method of fatigue damage analysis developed by ENTPE.

Three phases of stiffness decrease were observed in the displacement-controlled fatigue test
(Figure 10).

Phase I: Stiffness decreases sharply because of the development of microcracks as a kind of
fatigue damage, the increase of specimen temperature associated with dissipated energy,
and the thixotropy of binder.

Phase II: Stiffness decreases gradually mainly by fatigue damage, while the effects of dissipated
energy and thixotropy are diminished.

Phase III: Stiffness decreases sharply because of the local crack propagation (the macrocrack
begins to develop) until the failure of the specimen.

While there are some definitions of thixotropy, we adopt the definition given by Bauer et al. [12]:
When a reduction in magnitude of rheological properties of a system such as elastic modulus,
yield stress, and viscosity, for example, occurs reversibly and isothermally with a distinct time
dependence, the system is described as thixotropic.

In the ENTPE’s method, the rate of stiffness change, an index of fatigue damage, is given by
equation (13), which consists of the rate of stiffness change and the rate of dissipated energy change
at any interval in phase II (between N1 and N2), during which damage prevails.
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Figure 10. Rate of stiffness change.

Figure 11. Relationship between the rate of stiff-
ness change and the number of load applications to
failure. Figure 12. Fatigue damage per load application.

Here, the second term on the right-hand side corrects for the effect of specimen temperature change
due to dissipated energy change as well as the effect of binder thixotropy. The coefficient Ci varies
between 2/3 and 5/6 according to the number of load applications for the interval between N1 and N2.

Figure 11 shows the relationship between the rate of stiffness change and the number of load
applications to failure. The linear relationship is almost the same regardless of loading wave pattern,
presence/absence of rest period, and type of loading. It is assumed that the exponent of Nf in the
regression line is about −1 and Nf Sr ≈ 0.24. Then, under the present test conditions (dense graded
asphalt mixture (13), 10◦C), the specimen fails when the decreasing rate of stiffness caused by
fatigue damage reaches about 24% regardless of loading wave pattern, rest period, and type of
loading.

Figure 12 shows the relative rate of stiffness change, as an index of fatigue damage per load
application, for different wave patterns normalized to the rate of stiffness change for the continuous
sinusoidal wave. There are differences in fatigue damage per load application between the wave
patterns; the twin peaks wave is about twice effective as the sinusoidal wave in causing damage.
Moreover, fatigue damage recovers during rest period. It is considered that, under the present test
conditions, 40% to 50% of the fatigue damage per sinusoidal wave load application is recovered
by introducing a rest period of 1 s, and 70% to 80% of the damage is recovered by a rest period
of 10 s.
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6 CONCLUSIONS

The main findings of this study are summarized as follows.

1) The fatigue damage of an asphalt mixture depends on the wave pattern of loading; therefore the
number of load applications to failure depends on the wave pattern.

2) The number of load applications to failure is greatly affected by the rest period of loading; rest
period has a healing effect.

3) There is a linear relationship between the total dissipated energy and the number of load
applications to failure, and the position of the linear plot varies with loading wave pattern.

4) Under continuous loading, there is a nearly-constant, linear relationship between the rate of
dissipated energy change and the number of load applications to failure regardless of loading
wave pattern. A different relationship is observed, however, when rest period is introduced or a
different type of loading is used.

5) There is a nearly-constant, linear relationship between the rate of stiffness change obtained by
the ENTPE’s method and the number of load applications to failure regardless of loading wave
pattern, rest period, and type of loading.
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Evaluation of cracking in recycled pavements with foamed asphalt and
cement stabilization

A. Loizos & V. Papavasiliou
National Technical University of Athens (NTUA), Athens, Greece

ABSTRACT: The cold in place recycling (CIPR) technique using foamed asphalt and cement as
stabilizers was applied for the rehabilitation of a severely cracked originally asphalt pavement with
cement treated base (CTB), which was considered as a test section. Three years after construction
of the test section, a limited number of transverse cracks were observed on the asphalt pavement
surface. In order to investigate the severity and the origin of the cracking, several cores were taken
along the location of the cracks. In-situ non-destructive tests (NDTs) using the FWD were also
performed 4 times within a two year period after the observation of the cracks. Intensive coring
investigation has shown that the transverse cracks were all the way through the asphaltic overlay
and the recycled layers as well. According to the deflection analysis no significant reduction of the
load transfer efficiency was observed during the measurements along the location of the transverse
crack. Backcalculated moduli of the recycled material did not show reduction during the two years
of pavement performance after the appearance of the crack. Strain response analysis has shown no
increase of the critical strains in the body of the recycled material during this period of monitoring.

1 INTRODUCTION

Cold in-place recycling (CIPR) of distressed pavements using foamed asphalt and cement as stabi-
lization agents is a treatment that has, over the past years, witnessed a sharp increase in its usage.
The asphalt is foamed in a specially designed expansion chamber. A carefully metered quantity of
water is mixed with air and hot asphalt, forming foam of much higher volume and lower viscosity
than the asphalt component. This allows the asphalt to disperse through the recycled material.
Additional water is sprayed into the mixing chamber to achieve the optimal moisture content for
compaction (Chen 2006).

The foaming procedures in the laboratory, as well as related construction aspects, although not
standardized, are satisfactorily documented in current international literature. However, not enough
information is available concerning the condition and field performance of foamed treated recycled
materials and when published it has been limited to low or medium volume roads.

For this purpose of the experiment, the CIPR technique using foamed asphalt and cement was
applied for the rehabilitation of a severely cracked heavy-duty (approximately 106 equivalent axle
loads of 13 tons per year) pavement test section. The pavement before rehabilitation comprised of a
cement treated base (CTB), overlaid with asphalt concrete layer material and referred to as a “semi-
rigid” pavement (FEHRL, 2004). In order to investigate the performance of the abovementioned
CIPR technique, an annual comprehensive monitoring is performed, concentrating on the Falling
Weight Deflectometer (FWD) as a major tool for the in-situ evaluation (Loizos & Papavasiliou
2006).

Three years after construction of the test section a limited number of transverse cracks were
observed through visual inspection on the asphalt pavement surface. In order to investigate the
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90 mm asphalt binder & surface course (AC) 

250 mm foamed asphalt cold recycling material with
foamed asphalt and cement stabilization (FA)

remaining CTB layer

crushed stone drainage layer 

subgrade

Figure 1. Recycled pavement structure.

severity and the origin of the cracking, several cores were taken at the location of the cracks. In-situ
non-destructive tests (NDTs) using the FWD were also performed 4 times within a two year period
after the observation of the cracks. During this period air temperature ranged between 0◦C and 40◦C
and the rainfall was approximately 450 mm per year. In order to study the influence of traffic loads
on the condition of the recycled pavement near the crack, no crack-sealing or other maintenance
means was undertaken. In the present paper a representative example of a transverse crack study
is presented. It must be noted, that similar results were derived from the analysis of other cracks as
well. The major findings of the analysis are presented and discussed in the following.

2 PAVEMENT AND MIX DESIGN

Foamed asphalt (FA) mix design was undertaken to establish the application rates for foamed
asphalt and cement to achieve optimal strength and to determine the strength characteristics for
use in the structural design exercise. Several different blends of material were treated with foamed
asphalt using the appropriate laboratory unit and several briquettes were manufactured for the
testing purpose in terms of the indirect tensile strength (ITS), the unconfined compressive strength
(UCS), the cohesion (c) and the angle of internal friction (�), as well as the determination of the
indirect tensile stiffness modulus (ITSM). According to the mix design, 2.5% foamed asphalt and
1% cement was used in the recycled material. The decision to introduce 1% cement was based on
the improvement in the achieved soaked strengths. Further, details on the mix design blends can
be found in reference (Loizos et al. 2004).

An analytical design approach was used for the estimation of the structural capacity of the
pavement. Taking into account traffic volume history, a structural capacity requirement of more
than 10 × 106 equivalent 13 tons axle loads was anticipated for any work to be undertaken on this
test section. According to the analytical design, a pavement structure consisting of a 90 mm asphalt
concrete (AC) layer overlaying the layer of recycled material was assumed. An iterative process was
applied to adjust the thickness of the in depth recycled layer (base layer) until structural capacity
requirements were met. A uniform thickness of 250 mm was adopted over which two asphalt layers
were laid. First, a leveling dense binder course with a nominal thickness of 50 mm, overlayed by
a 40 mm surface course of 40 mm semi-open graded asphalt mix modified by polymer. The final
pavement design of the test section is presented in Figure 1.

3 IN-SITU DATA COLLECTION

Several cores were taken along the location of the cracks, which were observed for the first time
three years after construction of the test section. In-situ non-destructive tests (NDTs) using the
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Figure 2. FWD measurements: Load position
with respect to the crack position.

Figure 3. Crack along wall and bottom section of
the hole left from the extracted core.

FWD were also performed. The monitoring levels were comprised of measurements 3, 3.5, 4 and
5 years after construction, i.e. all monitoring levels were performed after the appearance of the
crack. The FWD measurements were conducted with the loading plate located at several positions
in respect to the crack as indicated graphically in Figure 2. In this way, the FWD was used to give
a measure of the load transfer and hence of the crack severity (De Bondt & Saathof 1993). The
geophones are referred to hereafter as Di (i = 1 . . . 9) and the deflections as di (i = 1 . . . 9)

4 VISUAL INSPECTION

Transverse cracks were present not only on the heavy trafficked lane, but in some cases they were
extended to the middle and the inside and emergency lanes. The crack width was 2–3 mm. Further
investigation of the cores has shown that the cracks were all the way through the asphaltic overlay
and the recycled layer as well. The crack was also visible on the upper surface of the remaining
CTB layer in the hole after coring, as shown in Figure 3.

An interesting observation was that in short time (less than a year) the crack has passed through
a previously extracted core that was filled with asphalt material to a thickness of about 35 cm (see
Figure 4), a fact not typical for top-down cracking. According to this observation, the appearance
of thermal cracking due to the FA recycled material can also be excluded

The above mentioned observations from the visual inspection of the transverse cracks are indica-
tive of reflective cracking from the remaining CTB layer. Further analysis of the in-situ collected
data was performed, in order to investigate the rate of deterioration of the structural condition of
the pavement due to the impact of the crack appearance.

5 ANALYSIS OF THE IN-SITU COLLECTED DATA

5.1 Deflection analysis

The center deflection d1 measured with the plate of the FWD near the crack (see Figure 2: load
position b, crack between geophones D1 and D2) is presented in Figure 5. The in-situ collected
values were properly corrected to the reference temperature of 20◦C (Van Gurp 1995). Measured
temperatures at the mid-depth of the asphalt layers were 21◦C, 19◦C, 29◦C and 27◦C respectively
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Figure 4. Crack through previously extracted core.
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Figure 5. Center deflection near the crack.

for the measurements 3, 3.5, 4 and 5 years since construction. The center (maximum) deflection is
an indication of the overall pavement condition (Hakim et al. 2002) at the location of the crack at
the time of the investigation. No significant center deflection values differences were observed, a
fact indicating no changes in the overall pavement condition, at least during the first two years of
the crack appearance under traffic loads.

Criteria of the load transfer efficiency are the load transfer ratio (dU/dL) (De Bondt & Saathof
1993) and the differential deflection (dL − dU) (Shahid & Thom 1996), where dL and dU represent
the deflection of the loaded and unloaded side of the crack respectively.

For the purpose of the present investigation, two different load transfer approaches were taking
into account. According to the above mentioned procedure, the deflections d1L and d2U were
measured and corrected to a reference temperature of 20◦C (Van Gurp 1995), for load position b
(see Figure 2: crack between geophones D1 and D2). The load transfer ratio (d2U/d1L) was ranged
between 58% and 67%. Results are presented in Figure 6. No significant reduction of the load
transfer efficiency was observed during two years of FWD measurements near the crack. It can
be concluded that the amount of the aggregate interlock in the AC and the recycled layers has not
been changed during this period.
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The same procedure was used in order to calculate the load transfer between two adjacent
geophones in the loaded side of the crack. In this case, the deflections d1L and d2L were measured
and corrected to a reference temperature of 20◦C, for load position c (see Figure 2: crack between
geophones D2 and D3). According to these calculations, the load transfer ratio (d2L/d1L) was as
expected higher (above 90%) than in the previous case (see Figure 6).

The differential deflection (d1L − d2U) for load position b (see Figure 2) ranged between 16.2 and
19.4 µm, showing an increase during the first year of crack measurements and a tendency towards
stabilization thereafter, while (d1L − d2L) for load position c (see Figure 2) was up to 3.5 µm.
Results are presented graphically in Figure 7.

It can be seen, that no significant reduction of the load transfer efficiency was observed and
consequently no indication of an increase in crack severity was observed during the first two years
monitoring of the crack.

In order to estimate the influence of the recycled layer (FA) temperature to load transfer efficiency,
the difference of the average load transfer ratio for a load position with the crack not between two
adjusted geophones (di+1L/diL) and the average load transfer ratio for load position with the crack
between two adjusted geophones (di+1L/diU) was calculated. This difference is referred hereafter
to as �(di+1/di). The temperature at the mid depth of the recycled (FA) layer was estimated using
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the BELLS2 equation (Baltzer et al. 1994). Results of the above mentioned calculations �(di+1/di)
for i = 1, 2 and 3 (see Figure 2: load positions b, c and d) in respect to the recycled layer (FA)
temperature are presented in Figure 8. It can be seen, that for higher FA temperatures the �(di+1/di)
decreases, indicating improved load transfer efficiency.

Similar results were derived for the differences of the differential deflection (diL − di+1U) with the
crack between two adjusted geophones and (diL − di+1L) with the crack not between two adjusted
geophones, referred to as �(di − di+1). Results of the �(di − di+1) in respect to FA temperature
are presented graphically in Figure 9.

5.2 Backanalysis results

Measured deflections near the crack (see Figure 2, load position a) were used in order to estimate the
modulus of the asphalt layers (AC) and the recycled material (FA).The backanalysis was undertaken
using ELMOD software (Dynatest 2001). Considering the level of the subgrade, not at the bottom of
the drainage layer (Figure 1), but at the bottom of the CTB layer, the backanalysis model consisted of
four layers As far as the thickness input is concerned, backanalysis was conducted using core thick-
ness measurements. For the evaluation of the structural condition of the rehabilitated pavement lay-
ers, a simplified approach which takes into account the influence of both the asphalt and the recycled
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layers was used. This is the estimation of the composite modulus (Milton & Earland 1999) i.e. the
combined asphalt layers and recycled layer modulus (Loizos & Papavasiliou 2006). Backcalculated
moduli values were corrected to the reference temperature of 20◦C (Baltzer & Jansen 1994) and the
results are presented in Figure 10. A reduction of the modulus during the two years of measurements
is apparent only in the AC layer, which was very stiff during the monitoring 3 years after construc-
tion. It should also be noted, that the backcalculated modulus of the remaining CTB layer was very
high (about 20000–25000 MPa), indicating that the structural condition is good and the layer is stiff.
Backcalculated moduli of the recycled material and the composite moduli did not show any signif-
icant reduction during the two years of the presence of the crack under traffic loads. Consequently,
the presence of the crack did not influence negatively the structural condition of the pavement.

5.3 Strain response analysis

Maximum tensile strain (max εxx) in the body of the recycled layer is an important factor for
the evaluation of the structural condition of the pavement. Based on the data collected after the
appearance of crack, the in-situ max εxx was calculated using finite element (FE) linear analysis with
ABAQUS software (Hibbitt et al. 2000). However, it should be mentioned that pavement systems
often exhibit stress-dependent behavior. Advanced models may help to explain the discrepancies
between the theoretical analysis and the observed pavement behavior and pavement responses, an
issue that merits further investigation beyond the limits of the present research study. The load used
for the calculations was a 65 kN single wheel with 15 cm radius, in accordance with the maximum
allowed axle load in Greece (13 tons).

Figure 11 presents the strains of the recycled pavement, as it is modeled in Figure 1. The max εxx

has been located in most cases in the upper part of the recycled layer. Figure 12 shows the maximum
calculated tensile strain (max εxx) in the body of the recycled material. It can be seen, that the values
are low, while no significant variation of the max εxx was observed. This fact indicates that during
the two years of presence of the crack under traffic loads, no increase of the critical strains has been
observed in the body of the recycled material and consequently the “damage” did not increase.
These results can be considered as expected taking into account the results of backanalysis.

6 CONCLUSIONS

The present research study has attempted to contribute towards the evaluation of cracking in recy-
cled pavements with foamed asphalt and cement stabilization. In order to study the influence of
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Figure 11. FE analysis (horizontal tensile strain).
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Figure 12. Maximum horizontal tensile strain (max εxx) in the body of the recycled material.

traffic loads on the condition of the recycled pavement near the crack, no crack-sealing or other
maintenance means were undertaken. The field investigation was based on coring, as well as on
non-destructive tests (NDT) using FWD along a trial section of a rehabilitated heavy-duty origi-
nally asphalt pavement with cement treated base (CTB). The main findings and discussion points
are as follows:

From the visual inspection and the related extracted cores it was found that the transverse
cracks penetrated through both the asphaltic and recycled layers. Observations from the visual
inspection of the transverse cracks are indicative of reflective cracking from the remaining CTB
layer.

According to the NDT analysis using FWD loading near the transverse crack, no significant
difference of the center deflection values was observed, a fact indicating no changes of the overall
pavement condition, at least during the first two years of presence of the crack under traffic
loads.

No significant reduction of the load transfer efficiency was observed during two years of FWD
measurements near the crack. It can be concluded that the amount of the aggregate interlock
in the AC and the recycled layers did not changed during this period. For higher recycled layer
temperatures there is an indication of improved load transfer efficiency.
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Backcalculated moduli of the asphaltic and the recycled material layers did not show any sig-
nificant reduction during the two years of monitoring of the crack, indicating that the presence of
the crack did not influence negatively the structural condition of the pavement.

Strain response analysis has shown, that during the two years of presence of the crack under
traffic loads, no increase of the critical strains has been observed in the body of the recycled material
and consequently the “damage” has not been increased.

The remaining CTB layer underneath the recycled layer seems to be responsible for the appear-
ance and the propagation of the cracking on the surface of the recycled pavement. For technical,
as well as financial reasons, it is not always possible to remove the entire CTB layer, especially if
the level of the lower surface of this layer is significantly deeper than the anticipated depth of the
recycling. Nevertheless, after two years of presence of the cracking under heavy traffic loads the
structural condition of the recycled pavement near the crack was adequate indicating that in such
cases, simple maintenance techniques i.e. crack-sealing may have been efficient.

The NTUA Laboratory of Highway Engineering continues to undertake further re-search on the
subject, including continuous monitoring of the pavement performance through detailed analysis.
Due to the importance of the Trans European Highway under rehabilitation, the investigated trial
section is considered, both for the National and the European database, as a Long Term Pavement
Performance (LTPP) site.
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ABSTRACT: Funding for preventive maintenance, preservation, rehabilitation, and reconstruc-
tion of roadways will have to compete with other demands on the limited public funds. Hence,
innovation is required in order to do more with less. Asphalt pavement recycling is one way to
stretch existing budgets to maintain, preserve, rehabilitate and reconstruct more kilometers of
roadways. This paper presents a pavement evaluation process for the selection of an appropriate
asphalt pavement recycling methodology in Pakistan. The process includes non-destructive data
collection scheme (surface distresses, ride quality and surface deflections) and destructive sam-
pling (coring) to determine the extent of cracking along the asphalt concrete layer thickness. The
paper shows that such data are sufficient to conduct proper evaluation of pavement structures and to
select the appropriate asphalt pavement recycling methodology including hot in-place (HIR), cold
in-place (CIR) and hot in-plant (HIPR) asphalt recycling. It is shown that such pavement evaluation
process would yield information relative to the structural capacity of the lower pavement layers and
the extent of cracking. The role of pavement cracking type, causes and propagation in the selection
of asphalt recycling methodology is also addressed in the paper.

1 INTRODUCTION

Road networks in developing countries are experiencing high rates of deterioration due to tremen-
dous traffic growth. Although funds to expand or reconstruct the roadway network are appropriated,
the funding level for pavement maintenance and preservation is very poor. For example, relative
to asphalt pavements, the practice in Pakistan for the last fifty years can be summarized in few
words “break-up the deteriorated pavement sections pile the materials on the side of the road and
use fresh aggregate and asphalt mix.” Pavement recycling as a rehabilitation alternative was not
considered by the road authorities in Pakistan.

It is well known that various rehabilitation alternatives including recycling can be used to reha-
bilitate asphalt pavements. Each alternative is applicable to certain pavement conditions having its
advantages and disadvantages, which must be evaluated prior to selecting the preferred alternative.
For example, the advantages of asphalt pavement surface recycling methods (hot or cold in-place
and in-plant recycling) include (Epps et al. 1980; Kandhal and Mallick 1997):

1. Conservation of natural resources.
2. Better pavement performance, for example, HMA overlay over recycled HMA base has better

performance than HMA overlay on the existing pavement surface.
3. Reduced traffic disruption and maintained pavement geometry and thicknesses.
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Figure 1. Pavement evaluation process for the selection of asphalt recycling method.

In the United States, the experiences of different state highway agencies indicate that in most
cases the performance of recycled asphalt pavements is better than or at least is comparable to
conventional asphalt pavements (ARRA 2001; Kandhal and Mallick 1997; McDaniel andAnderson
2001). The performance of recycled asphalt pavements is a function of the project selection process,
proper design of the recycled materials, and construction practices. Hence, the first step in any
pavement preservation project is the evaluation of the existing conditions of the pavement surface
and the pavement structural capacity (AASHTO 1993; FHWA 1998; Hall et al. 2001). Pavement
deterioration accelerates with increasing age and traffic. Therefore, if no pavement preservation
is undertaken at appropriate times, the roadway condition will quickly decline to the point where
expensive reconstruction will be the only option. An extension in the pavement service life can be
achieved if the pavement is preserved in a timely manner using the appropriate action. For a given
pavement section, the most appropriate pavement preservation action can be determined through
a comprehensive and well designed pavement evaluation process. Such process entails some or all
the activities shown in Figure 1. This paper describes the type of data needed to conduct the proper
pavement evaluation, and subsequently demonstrates that how this evaluation can be utilized to
select the appropriate asphalt pavement recycling methodology. The asphalt recycling strategies
include: hot in-place (HIR), cold in-place (CIR) and hot in-plant (HIPR) asphalt recycling. The roles
of the pavement cracking types, their causes and propagation in the selection of asphalt recycling
methodology are also demonstrated in the paper.

2 RECYCLING STRATEGIES BASED ON PAVEMENT CONDITION

The pavement surface conditions reflect both the structural and functional integrity of the pavement.
Some distress types (e.g. cracking and rutting) reflect the structural adequacy of the pavement
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Figure 2. Selection of pavement recycling methods based on crack severity and extent.

structure whereas ride quality reveals the functional sufficiency of the pavement surface. During
the pavement evaluation and project selection process, all distress types, their severity and extents
should be documented (Miller and Bellinger 2003) along with the mechanism and causes of the
distresses. The information facilitate the selection of an appropriate preservation option for a given
pavement project. Figure 2 presents a general strategy for the selection of the appropriate asphalt
recycling method based on the depths of the various distresses. For example, if the distress is
confined to the upper portion of the asphalt layer, in-place recycling is an option. For any pavement
section where the distresses have penetrated throughout the asphalt layer, the asphalt recycling
option depends upon the total thickness of the asphalt layer. If the asphalt layer is less than 6-inch
thick, in-place recycling is an option. For thicker pavements, the upper portion of the asphalt layer
should be subjected to milling where the milled materials can be subjected to in-plant recycling
and the remaining part of the asphalt layer can be subjected to in-place recycling. For pavement
sections where the causes of the pavement surface distress can be traced to the granular base, full
depth repair is required and the asphalt materials can be subjected to in-plant recycling only. Ride
quality, in general, is a surface distress and is an important indictor of user comfort and vehicle
operating costs (VOC). Figure 2 also illustrates that pavement sections having poor ride quality can
be rehabilitated with in-place surface recycling techniques. In general, asphalt recycling options
that address pavement structural inadequacy are more expensive than those that attend to functional
inadequacy.

In-situ structural evaluation of various pavement layers is essential to substantiate the causes and
effects of distresses and to determine the seat (depth) of the distresses and their causes. Deflection
testing is an extremely valuable engineering tool in assessing; the engineering properties of the
various pavement layers, the uniformity of the pavement section and structural adequacy, and in
identifying weak pavement layers. The information are vital to the selection of the appropriate
asphalt recycling technique. As stated earlier, for a weak upper pavement layer, in-place recycling
can be used whereas poor base/subbase and/or subgrade materials require full depth repair and
perhaps, in-plant recycling.

The above scenario implies that the proper pavement evaluation process must include the appro-
priate technique such as pavement coring to identify the depth of cracking. There are two categories
of cracks; load and non-load related. Load related cracks tend to initiate in or in the vicinity of
the wheel paths (Matsuno and Nishizawa 1992; Myers et al. 1998; Svasdisant et al. 2002). These
include top-down cracking due to tire-pavement interaction and bottom-up cracks due to fatigue
in the asphalt layer. Non-load related cracks such as temperature and block cracking are typically
top-down cracks. They initiate at the pavement surface and propagate downward. It should be
noted that bottom-up cracks (or fatigue cracks) initiate several years before they are observed on
the pavement surface. A core taken over such cracks will show wider crack at the bottom of the
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Table 1. Pavement cross-section details.

Pavement Asphalt Base/subbase Embankment
section thickness (mm) thickness (mm) height (m)

N5S-4 165 508 1.2
N5S-6 203 356 1.2

asphalt layer and the cracks have propagated throughout the asphalt layer. Pavement cores taken
over top-down cracks, on the other hand, show wider cracks at the top of the asphalt layer and the
cracks have propagated partially or fully throughout the thickness of the asphalt layer. The point
here is that the depth of the cracks dictates the asphalt recycling methodology to be employed, thus,
as a part of the pavement evaluation process, pavement cores should be obtained to determine the
depth of the cracks.

Non-load related cracks—temperature and block cracks, are not concentrated or initiated in the
wheel path. Both types of cracks are related to the hardening and oxidation of the asphalt binder.
Since the surface of the asphalt layer is exposed to the atmosphere, the hardening and oxidation at
the surface is more pronounced. Pavement surface showing early sign of temperature cracks can
be cheaply rehabilitated by milling and filling the top one or two inches of the asphalt layer. The
remaining depth of the asphalt layer will still be intact and may have minor or no hardening or
oxidation problem. The milled material can be transported to an asphalt mixing plant where it will
be sorted and rejuvenated and can be used on the same road or on lower class roads (farm to market
roads). The percent of reclaimed asphalt pavement (RAP) and asphalt binder to be combined with
virgin aggregate materials depends on the type of the road. For interstate and primary highways,
the percent RAP could vary from 10 to 30 percent maximum, whereas for low volume roads, 70 to
90 percent RAP could be used. It should be noted that RAP materials containing high percent of
soft aggregate should not be used on high class roads; they can be used on low class roads.

In summary, crack type, depth, extent and severity levels and structural capacity of the lower
pavement layers are crucial information that are needed to make sound and cost-effective decision
regarding pavement recycling. The selection of an appropriate pavement recycling strategy based on
such information would lead to a better pavement performance. The applicability of best recycling
strategies for existing pavement sections is demonstrated below.

3 PAVEMENT EVALUATION CASE STUDIES

Two 150 m long pavement sections along the National Highway in Pakistan (N5S-4 and N5S-6)
were in urgent need of rehabilitation due to severe cracking. Section N5S-4 is close to the city of
Mandra while section N5S-6 is in the vicinity of Wazirabad city. Both pavement sections consist
of two-lanes in each direction. The asphalt layer on the sections contains crushed river run gravel
and quartzite rock, respectively. The 20 years design traffic for both sections is 40 million ESALs.
Table 1 summarizes the existing pavement cross-section for both sections.

Both sections were subjected to a systematic pavement evaluation process that included distress
survey, deflection testing and pavement coring. Results of the evaluation are presented in the next
subsections.

3.1 Distress survey

For both pavement sections, detailed distress maps were prepared in accordance with the long-term
pavement performance (LTPP) distress manual (Miller and Bellinger 2003). The maps included the
types of distress and their severity and extent. Pavement section N5S-4 showed both longitudinal
cracks in the vicinity of the wheel paths and block cracking across the asphalt mat as shown in
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Figure 3. Pavement surface conditions and crack propagation at site N5S-4 (Mandra section).

Figures 3a & 3b. The cracks were mostly located in the outer lane (the traffic or slow lane) and
they were more severe in the left wheel-path. Several pavement cores were taken over the cracks.
Examination of the cores indicates that all cracks were top-down cracks and have not propagated
throughout the entire asphalt layer as shown in Figures 3c & 3d.

Pavement section N5S-6 near the city of Wazirabad exhibited high severity fatigue cracks extend-
ing along and across the outer lane as shown in Figures 4a & 4b. Examination of the two figures
suggests that the cracks are conventional bottom-up fatigue or alligator cracks. Several cores that
were extracted over cracked areas showed that the cracks are top-down cracks and have propagated
through the upper portion of the asphalt layer only (see Figures 5a and 5b). This finding support an
earlier statement that pavement coring must be included in the pavement evaluation process prior
to making decision regarding the selection of pavement rehabilitation option.

3.2 Deflection testing

Deflection tests were conducted on both pavement projects using a KUAB Falling Weight Deflec-
tometer (FWD). The KUAB FWD sensors were spaced as shown in Table 2 and the deflection
data were recorded by an on-board computer to an accuracy of 0.254 microns. For each pavement
section, 11 FWD deflection test locations were marked on the pavement surface at 15 m spacing.
Extreme care was taken to mark the test location as far from cracks as possible. At each test location,
three FWD tests were conducted; one at each of the left wheel-path, the middle of the lane and
the right wheel-path. Each test consisted of 9 drops; three drops at each of the following loads;
2800 kg, 4100 kg and 7000 kg. After checking the quality and integrity of all deflection data, the
data along with the pavement cross-section information were analyzed to determine:

• The variability of the deflection data along and across the pavement.
• The nature or linearity of the material response to loads.
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Figure 4. Pavement surface conditions and crack propagation at site N5S-6 (Wazirabad section).
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Figure 5. Deflection data along the N5S-4 section.
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Figure 6. Deflection data along the N5S-6 section.

• The in-situ modulus of each pavement layer using the 4100 kg load deflection data.
• The overall structural capacity of each pavement section.

Figures 5 and 6 show the variations of the deflection data collected by the various deflection
sensors along the two pavement sections due to the 4100 kg load level. The figures also show the
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Table 2. Spacing of the FWD sensors.

Spacing of the FWD deflection sensors (mm)
Load levels (kg)
2800, 4100, 7000 0 203 305 457 610 914 1219 1524 1829
4100∗ 0 203 305 457 610 914 1524 1829

∗ SHRP sensor spacing and load level used for backcalculation of layer moduli
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Figure 7. Linearity check (N5S-4 section).
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Figure 8. Linearity check (N5S-6 section).

deflection basins at 11 test locations. The data indicated that the variability of the deflections along
the N5S-4 section is moderate (see Figure 5a), while much higher variability was observed on N5S-6
section (see Figure 6a). For both pavement sections, the peak pavement deflection (D0, under the
center of the load) shows the highest variation whereas the deflection recorded at sensor 8 (D8,
located at 1829 mm from the center of the load) show minor to very low variation. The variability in
the deflection data indicates that the roadbed soil along the 150 m long pavement sections has, more
or less, similar physical and engineering properties whereas the properties of the upper pavement
layers are highly variable. This implies that the structural capacity of the pavement section varies
from one point to another which was expected due to pavement cracking. Finally, for both pavement
sections, variation in the deflection data due to the other three load levels showed similar patterns
as those shown in Figures 5 and 6.

The linearity of the pavement response to load was examined by studying the deflection data
collected at three load levels. First, the peak deflection measured at each load level was normalized
relative to the peak deflection measured at the 4100 kg load level. Results of the normalized
deflections are shown in Figures 7 and 8. It can be seen that, the materials in both pavement sections
show linear response between 2800 kg and 4100 kg load levels, and slight but insignificant non-
linearity at the 7000 kg level. Based on this finding, linear elastic layered analysis was employed
in the backcalculation of layer moduli.

Before the initiation of backcalculation, each deflection basin was examined using Boussinesq
equivalent modulus procedure (Ullidtz 1987; Ullidtz 1998) to determine the presence and to esti-
mate the depth to stiff layer. Later, MICHBACK and MODULUS computer programs were used to
backcalculate the layer moduli. Results of the backcalculation are shown in Figure 9. As expected,
the degree of variability of the backcalculated layer moduli is parallel to the degree of variability
of the deflection data. That is, the moduli along the N5S-4 (Mandra section) are much higher than
that of the N5S-6 (Wazirabad section). Table 3 presents representative values of the backcalculated
moduli for each pavement layer in both sections.
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Figure 9. Variation in the backcalculated layer moduli.

Table 3. Representative back-calculated layer moduli.

Representative layer modulus (MPa)

Pavement section Asphalt∗ Subbase/base Subgrade

N5S-4 (Mandra) 4,212 158 79
N5S-6 (Wazirabad) 2,580 110 43

Note: ∗ Temperature corrected moduli. The asphalt moduli were cor-
rected at a reference temperature of 20◦C using equations developed for
the FHWA report (Baladi 1988).

Considering the high spatial variability, especially for section N5S-6, the representative moduli
were determined (after deleting few outliers) at the 85 percentile level (only 15% of the values are
less than the selected value).

Considering the backcalculated layer moduli for both sections, it is evident that section N5S-4
can be a candidate for in-place asphalt recycling while section N5S-6 needs more detailed recycling
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strategy. The most cost effective and feasible recycling alternative for a pavement section depends
on several activities as mentioned above. The specific recycling strategy selection for these two
pavement sections is presented later in the paper.

3.3 Laboratory investigations

During the field evaluation of the pavement sections cores were taken along the length of both
sections. Also, granular material and subgrade soil samples were acquired by excavating a pit in
both sections. Asphalt cores were used in the laboratory to determine: (1) aggregate gradation for
surface and base layers, (2) binder hardening for extracted asphalt. The aggregate gradation will
be used for the asphalt mixture design with RAP material while the binder aging results will assist
in determining the asphalt content and binder rejuvenation need. The conventional asphalt binder
tests (penetration and viscosity) on the extracted binder for both sections have indicated significant
binder aging.

4 PAVEMENT RECYCLING STRATEGY SELECTION

Having completed the pavement evaluation process, the proper asphalt recycling strategy can be
selected for both pavement sections. Such strategy must be based on the results of the pavement
evaluation (ground realities), sound engineering judgments, economics and available technology.

For section N5S-4, the following data were available:

• Distress data showed presence of severe fatigue and block cracks.
• Cores indicated that most of these cracks are top-down cracks that have penetrated 50 to 75 mm

in depth.
• Deflection testing and subsequent analysis have indicated that the lower pavement layers

(subbase/base and subgrade) have adequate residual strengths.
• Laboratory testing on extracted binder showed that it was considerably aged and hardened.

Based on the above information, hot in-place asphalt recycling of the top 75 mm (partial asphalt
thickness) of the asphalt mat is feasible and cost-effective option for section N5S-4.

For section N5S-6, the following data were available:

• Distress data showed presence of severe fatigue cracks.
• Cores indicated that most of these cracks are top-down and cracks have penetrated 75 to 127 mm

in depth.
• Deflection testing and subsequent analysis have indicated that the lower pavement layers

(subbase/base and subgrade) have relatively adequate layer moduli.
• Laboratory testing on extracted binder showed that it was significantly aged and hardened.

Based on the above information, this section should be subjected to milling the top 75 mm of the
asphalt mat, transport the milled material to an asphalt mixing plant for potential recycling as RAP
material. The remaining 127 mm of the asphalt mat should be subjected to cold in-place recycling.

After the recycling job is completed, a 50 mm thick capping layer of virgin asphalt mixture
should be placed on both sections to improve the ride quality.

For the pavement structural design, the expected life of the rehabilitated sections can be predicted
using mechanistic-empirical analysis considering the in-situ material properties and future traffic.
If recycling of the top surface layer is not sufficient to cater to future traffic demand, one can design
an additional asphalt overlay over the recycled layer(s).

5 CONCLUSIONS AND RECOMMENDATIONS

This paper summarizes the role of a systematic pavement evaluation procedure for the selection
of asphalt pavement recycling strategy. The effects of crack types, crack depth and initiation, and
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propagation on the adoption of asphalt recycling strategies are demonstrated with the help of case
studies involving two in-service pavement sections.

The methodology described in the paper highlights the need for a systematic pavement investi-
gation that includes pavement surface condition, non-destructive testing, cores and material testing
that is needed for the selection of a cost-effective pavement recycling strategy. In addition, crack
types (load-related versus non-load-related), crack depths, initiation and propagation information
(bottom-up and top-down) play major roles in the selection of a cost-effective asphalt pavement
recycling options.

For the pavement section showing top-down cracks (medium severity and high extent) to a depth
of 75 mm, partial depth in-place asphalt recycling strategy is recommended. Whereas, for the
pavement section exhibiting top-down cracks (high severity and extent) to a depth of 127 mm, a
combination of in-place and in-plant asphalt recycling strategies is recommended.
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ABSTRACT: As is well known, cracking in pavements occurs when a stress is built up in a
surface layer that exceeds the tensile or shear strength of the pavement and may be associated with
various distress mechanisms.

In the case of fatigue cracking, phenomena can be the result of repetitive traffic loads or high
deflections, for example, due to the underlying layers defects.

On the other hand, it is well known that Porous European Mixes (PEMs) do not seal the underlying
pavement against moisture intrusion and this fact can increase the potential for stripping of both
the surface and underlying layers (especially when the underlying binder course, BIC, has high
void contents).

In the light of the above-mentioned facts, the purpose of this study is the analysis of the
bottom-up cracking associated with stripping in underlying layers and the evaluation of the effec-
tiveness of laboratory testing in predicting premature failure. A case-history is described. Analyses
show the synergetic importance of the system BIC & PEM. Recommendations are proposed in
order to minimize the risk of such premature failures in Porous European Mixes.

1 LITERATURE REVIEW

As is well known, surface cracking can result from the overall performance of the multilayer system
(pavement) and may be associated with various distress mechanisms (Al Qadi, 2007).

The balance among the mechanical properties of the different layers rules (under given load con-
ditions) where and when cracks will appear and how they will propagate thorough the multilayered
pavement system. So there is the possibility to detect surface distress substantially related to the
failure of inside layers.

A class of typical premature, impulsive degradation phenomena originates from the breakage
of the link between asphalt binder and aggregates. Separation or removal of asphalt binder from
aggregate surface due primarily to the action of moisture and/or moisture vapour is generally termed
stripping.

The following factors can be useful in analyzing such phenomena (Watson et al., 1998; Kandhal
and Richards, 2001; Lavin, 2002; AA.VV., 2004; Long and Ioannides, 2007):

– Physio-chemical incompatibility of the asphalt system;
– Interaction between different HMA (Hot Mix Asphalt) courses;
– air void content (Turochy and Parker, 2007), presence of water, high stress, high temperature

range, dusty or dirty aggregates.

Given that, the purpose of this study was the analysis of the bottom-up cracking associated with
stripping in underlying layers and the evaluation of the effectiveness of laboratory testing in predict-
ing premature failure. A particular case history has been analysed thorough a wide experimental
campaign (§2 and §3). Following the obtained results, the present research aimed to provide insight
into establishing criteria for more durable porous asphalt concretes (§4 and §5).
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Symbols
Ci = i-th core; C1, C2 = Cores in the shoulder of lane 2; Distress Zone, DZ; C3, C4, C5 = Cores in lane 2 (DZ);
S1 = Slab in lane 2 (DZ); C6, C7, C8 = Cores in lane 1 (Non Distress Zone); S2 = Slab in lane 1 (Non Distress Zone);
BIC = BInder Course; PEM = Porous European Mix.

Figure 1. Cores and slabs location.

Figure 2. Distress zone: rutting, cracks, water and
fines bleeding.

Figure 3. Fines bleeding.

2 CASE-HISTORY

A premature failure of a Porous European Mix (PEM) has been detected on a motorway in southern
Italy.

Pavement surface condition was assessed thorough the following procedure:

– visual surface inspection;
– visual inspection after coring and trenching;
– in-lab testing;
– data analysis.

Four sections have been investigated. In each section, eight cores (C1 to C8) and two slabs
(S1 and S2) have been extracted (figure 1).

Figures 2 to 9 illustrate in-site investigations.
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Figure 4. Distress zone. Figure 5. Visual inspection.

Figure 6. Development of potholes. Figure 7. Dimension of pavement distress.

Figure 8. Water presence. Figure 9. Slab extraction.

The following pavement structure has been detected:

1. first layer: PEM;
2. second layer: HMA binder course, BIC, (where HMA stands for Hot Mix Asphalt);
3. third layer: HMA base course; condition: good;
4. fourth layer: granular base; condition: good;
5. fifth layer: subgrade; condition: good.
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The slabs (1st + 2nd layer) extracted from the wheel path resulted significantly defective (both
for PEM and BIC).

The cores (1st + 2nd layer) extracted from outside the trafficked area (shoulders) resulted in good
conditions; on the contrary, the cores extracted in “wheel path” locations resulted significantly
damaged (both for PEM and BIC).

According to the analysis above performed, in order to scan the possible causes the following
main factors have been considered:

a) Surface water drainage (it resulted to need improvements).
b) Binder course and tack coat between binder course and PEM.

Binder course revealed to be strongly stripped. Tack coat has not been clearly detected.
c) Friction course (PEM).

Rutting has been monitored (about 1 cm on wheel path); the friction course appeared cracked
(only) in the wheel path. Water seepage out of cracks (water bleeding) has been detected and
water and fine material appeared ejected from underlying layers through cracks in the HMA
layer under moving loads (water pumping). According to the investigation above performed,
water bleeding and pumping have been associated to a decreased skid resistance and structural
support. Among the possible causes, several including poor drainage, underlaying failure and
fines excess and dusty aggregates have been hypothesized. Though the presence, only in the
wheel paths, of bleeding of fines and water and cracks, tests on the friction course (PEM)
resulted always conforming to the specifications set out in the contract (and following European
recommendation).

d) Anomalies in load conditions.
Operational speeds and load spectrum have been surveyed and resulted conforming to the road
class and to the design hypotheses.

e) Weather conditions during construction.
Agency engineer didn’t report rain after the construction of the binder course and before the
construction of the friction course.

3 EXPERIMENTS AND RESULTS

In-lab experiments have been planned according to the following standards (figure 10):

a) Volumetric tests
The following parameters have been determined: b (%) = asphalt binder content as a percentage
of aggregate weight (EN 12697 – 1:2002; ASTM 6307); G = aggregate gradation (UNI EN 933–
1:1999); NMAS = Nominal Maximum Aggregate Size; f (%) = filler content (d ≤ 0.075 mm);
s(%) = sand content (0.075 mm ≤ d ≤ 2 mm); γg = aggregate apparent specific gravity (UNI EN
1097/3:1999); Gmb = mix bulk specific gravity (ASTM D6752; ASTM D6857); GmbAO = mix
bulk specific gravity after opening (ASTM D6752; ASTM D6857); neff = mix effective porosity
(ASTM D6752; ASTM D6857). The effective porosity (neff ) has been calculated from Gmb and
GmbAO: neff = (GmbAO · γw − Gmb · γw) · (GmbAO · γw)−1, γW = water density.

b) Permeability tests
Kcv, the coefficient of water permeability, has been calculated, using a Flexible Wall Permeame-
ter – FWP (ASTM PS 129-01), according to the formula: Kcv = RT · acs · l · A−1

cs · t−1 · ln (h1/h2),
where acs is the inside cross-sectional area of inlet standpipe (cm2); l is the thickness of test
specimen (cm); Acs is the cross-sectional area of test specimen (cm2); t is the average elapsed
time of water flow between timing marks (s); h1 is the initial hydraulic head on specimen (cm); h2

is the final hydraulic head on specimen (cm); RT is a coefficient that corrects the calculated K
at given temperature to that for 20◦C.

c) Asphalt binder tests
Penetration test (Pen (dmm)) according to CNR BU N.24-1971 (Norme per l’accettazione dei
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Figure 10. Main tests.

Table 1. Main composition parameters of the two mixes.

Percent Passing (%)
φ (mm)
Sieve Size BIC PEM

40 100.00 100.00
30 100.00 100.00
25 99.34 100.00
15 90.52 85.69
10 66.11 29.90
5 47.65 12.91
2 37.11 11.13
0.4 16.56 8.40
0.18 7.98 6.81
0.075 5.54 5.53
b % 4.4–5.2 4.5–5.3
neff (%) 8.1–14.5 16.3–21.2

Symbols
Mix 1 = BInder Course (BIC), Mix 2 = Porous European Mix
(PEM), b(%) = asphalt binder content as a percentage of aggregates,
neff (%) = mix effective porosity.

bitumi per usi Stradali; EN 1426:2007: Bitumen and bituminous binders – Determination of
needle penetration); Softening point (PA◦C) (Ball and ring) according to CNR BU N.35-1973;
EN 1427: 2007: Bitumen and bituminous binders – Determination of the softening point – Ring
and Ball method).

Tables 1 to 3 and figures 11 to 15 summarize the obtained results.
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Table 2. Asphalt binder main properties.

η (Pas) η (Pas) η (Pas)
Asphalt Binder PA(◦C) Pen (dmm) (135◦C) (150◦C) (170◦C)

Modified (PEM) 73 53 1.1 0.7 0.4
Non modified (BIC) 47 66 0.4 0.2 0.1

Table 3. Effective porosity and hydraulic conductivity for BICs and
PEMs (mean values).

BIC PEM

Cores (C)/ neff Kcv neff Kcv
Slabs (S) (%) (cm/sec) (%) (cm/sec)

C1 14.50 0.0360 18.10 0.1479
C2 14.13 0.0350 18.80 0.1554
C3 11.90 0.0110 16.26 0.0942
C6 8.06 0.0010 21.19 0.2591
C7 9.39 0.0060 19.96 0.2579
S2 13.21 nd – –

Legend nd = Not available.

Figure 11. Effective porosity as a function of core location (average values).

Figure 12. Permeability as a function of core location (average values).
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Figure 16. Stress Intensity Factor vs. crack length. Figure 17. Crack length vs. N.

Figure 18. Lesson learned.

The specifications set out in the contract (substantially in accordance with European recommen-
dations) required an air voids content of the BIC in the range 4% ∼ 8%, a quantity of tack coat in
the PEM-BIC interface of at least 1000 g/m2, and a permeability of the BIC lower than 10−6 cm/s.

The analysis of aggregate grading, asphalt binder content and characteristics didn’t reveal any
particular issue. On the contrary, BIC effective porosity and permeability resulted out of range.

On the basis of the collected data, plots 11 to 15 have been derived. Figures 11 and 12 show a
strong relationship between BIC high effective porosity and high permeability in the distress zones.

Figures 13 to 15 show how permeability depends on the effective porosity for the selected
sections. Some known fitting curves are referenced.

4 FINAL DISCUSSION AND LESSON LEARNED

In the light of data analysis it is possible to suppose that the following primary chain of factors
(figures 16 to 18) has been involved in the premature failure:

– percolation of water through the PEM in the direction of the binder course;
– high air void content of the binder course;
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– related processes of stripping and therefore progressive disintegration of the binder course with
consequences for the PEM.

– reduction of the modulus of the binder course, due to the high void content (as is well known,
when air voids increase from 5% to 11%, then relative modulus can decreases, e.g., from 1 to
0.6 circa);

– effect of the BIC stripping on the stress intensity factor. The higher the ratio R = EPEM/EBIC

between the effective moduli (Cebon, 2000, see qualitative estimate in figure 16), the higher the
stress intensity factor (SIF), for a given crack length (c);

– effect of the BIC stripping on the number of load applications (N) to have a given crack length (c).
The higher the EPEM/EBIC ratio (R), the steeper the curve, the quicker the cracks growth (see
qualitative estimate in figure 17).

Figure 18 summarizes the lesson learned through the analyses for the given case-history.

5 MAIN FINDINGS

It is well known that Porous European Mixes do not seal the underlying pavement against moisture
intrusion and this fact can increase the potential for stripping of both the surface and underlying
layers (especially when the underlying binder courses have high air void contents). A case history
has been analysed thorough a wide experimental campaign.

Specifications set out in the contract didn’t appear to be the main cause of the premature failure
of the PEM. More precisely, the key-factors appeared Quality Assurance and Controls (QA/QC
procedures). Laboratory testing resulted useful to appropriately understand premature failure of
PEMs due to the underlaying layers.

In the light of the above facts, the following possible additional criteria for delaying and
controlling crack initiation and propagation in PEMS can be considered:

– introducing more precise QC/QA specifications on tack coats in the boundary binder course-
PEM;

– introducing QC/QA specifications on transverse and longitudinal slope for the drainage of water
over the binder course;

– introducing more precise QC/QA specifications on BIC permeability;
– lowering stripping risk in BICs which underlie PEMs through the use of anti-stripping agents

and a lower air void content.

ACKNOWLEDGEMENTS

Authors would like to express appreciation to Alessandro Bellantonio for the contributions he made
during the preparation of this paper.

REFERENCES

AA.VV. 2004. Cracking in Pavements: Mitigation, Risk Assessment and Prevention C. Petit, I.L. Al-Qadi and
A. Millien.

Al_Qadi, I. L. 2007. Reflective Cracking: Initiation and Propagation Mechanism, University of Illinois at
Urbana-Champaign, MAIREPAV5, August 07.

Cebon, D. 2000. Handbook of vehicle-road interaction, Swets & Zeitlinger B.V., the Netherlands.
Kandhal, P.S. & Richards, I.J. 2001. Premature Failure of Asphalt overlays from stripping: case histories,

Annual meeting of the association of asphalt technologists, Clear Water, Florida.
Lavin, P. 2002. The effects of dusty aggregates towards stripping in asphalt pavement, the asphalt institute

Spring meeting, the Woodlands, Texas, US, April 14.
Long, A. & Ioannides, A. 2007. Performance of Permeable Bases, 86th Transportation Research Board Annual

Meeting, Washngton, D.C., USA, January 21–25.

547



Mogawer, W.S., Mallick, R.B., Teto, M. & Crockford, W.C. 2002. Evaluation of Permeability of Superpave
Mixes, Project No. NETC 00-2.

Mohammad, L.N., Hetath, A., Wu, Z. & Cooper, S. 2005. Factors Influencing the Permeability of Hot-Mix
Asphalt Mixtures. Louisiana Asphalt Technology Conference, Shreveport, Louisiana.

Praticò, F.G. & Moro,A. 2006. Hot MixAsphalts Drainability and Permeability: aTheoretical and Experimental
Investigation on four different Devices, 10th International Conference on Asphalt Pavements, ICAP Québec,
Canada.

Turochy, R. & Parker, F. 2007. Comparison of Contractor and State Transportation Agency Quality Assurance
Test Results on Mat Properties of Hot-Mix Asphalt Concrete: Findings of a Multistate Analysis, 86th TRB
Annual Meeting, Washngton, D.C., USA, January 21–25.

Watson, D., Johnson, A., Jared, D. 1998. Georgia Department of Transportation’s Progress in Open-Graded
Friction Course Development, Journal Transportation Research Record, Transportation Research Board of
the National Academies, ISSN 0361-1981, Issue Volume 1616.

548



9. Pavement modeling-response, crack
analysis, and damage prediction





Pavement Cracking – Al-Qadi, Scarpas & Loizos (eds)
© 2008 Taylor & Francis Group, London, ISBN 978-0-415-47575-4

Reflective cracking behavior for traffic and temperature effects

M.J.C. Minhoto
Bragança Polytechnic Institute, Bragança, Portugal

J.C. Pais & P.A.A. Pereira
University of Minho, Guimarães, Portugal

ABSTRACT: This paper presents a study on the influence of the effects of temperature varia-
tions, in comparison with traffic effects, on the reflective cracking overlay behavior. It is intended
to contribute to the improvement of the pavement overlay design methods which consider reflec-
tive cracking as one among distress criteria. The development of this study was based on the
numerical simulation of the overlay behavior, through the implementation of numerical thermal
and mechanical models based on the finite element, considering the simultaneous action of traffic
and temperature variations and their influence on reflective cracking.

1 INTRODUCTION

The aim of the paper is to present a study on the influence of temperature variations on the reflective
cracking overlay. With the obtained knowledge, emphasis will be placed on the improvement of the
pavement overlay design methods, by demonstrating the possibility to develop relationships that
consider temperature variation effects in relation to the reflective cracking phenomena in the pave-
ment overlay design methodologies. The developments of this study were supported on the numer-
ical simulation of the overlay behavior, based on the finite element methodology and considering
the simultaneous loading of traffic and temperature variations on a conventional asphalt overlay.

This study also involves an evaluation of the hourly stresses and strains, generated by traffic
and thermal loading characterized through temperature variation in the full-depth of the pavement
during a year. That temperature distribution throughout the pavement structure was obtained by
field measurements in a pavement section located along IP4 main road, near Bragança (northeast
of Portugal), for a period of a year, using a temperature-recording equipment. Traffic data were
obtained in field near the temperature measurements location.

The 3D finite element methodology was used to model the reflective cracking phenomena, in
order to calculate the stresses and strains associated to each single case of loading: traffic (130 kN
axle load) and observed full-depth pavement temperatures. Based on those strains results, the strain
state of the combination of both cases was evaluated.

In the case of thermal loading strain evaluation, the bituminous material behavior was considered
as viscoelastic, characterized by the relaxation modulus, as the overall state of tension in the overlay
caused by the temperature variation is time-dependent and thus function of the viscoelastic response
of the bituminous materials. In the case of traffic loading the bituminous material behavior was
considered as “elastic” material, characterized by the stiffness modulus.

Those computed stresses and strains became concentrated above the existing cracks, creating an
active zone of pavement overlay failure or crack propagation. The traffic and thermal stresses and
strains, calculated for each case of loading, were used to verify the influence of the thermal loading
in the overlay behavior through the evaluation of the hourly damage associated to each type of load.
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The overlay damage evaluation was made hourly along the year was made through the ratio
between the hourly observed traffic and the hourly predictive overlay life. The overlay life evaluation
was made using the mechanistic-empirical methodology proposed by Sousa et al (2005).

This methodology is capable of assembling Modes I and II deflection patterns simultaneously on
asphalt concrete specimens into a coherent procedure. The influence of pavement characteristics
on state of stress and strain was considered by applying the Von Mises strain deviator, expressed
by Equation 1.

where εVM is the Von Mises strain and ε1, ε2, ε3 are the principal strains.
This mechanistic-empirical methodology is based on the results of flexural fatigue tests, in

controlled strain, based on the Von Mises strain as the “controller” parameter of the phenomenon.
For beam fatigue test conditions subjected to four-point bending, εVM can also be written as:

where εfat is the fatigue strain for beam fatigue test conditions subjected to four-point bending.

2 THERMAL LOADING

The full-depth pavement structure temperature distribution was obtained through field measure-
ments, using temperature-recording equipment – a Datalogger associated with thermocouples –
because, by this means, actual temperature can be reliably measured. However, this method is rela-
tively slow and it only provides information about temperature in the measurement period (Minhoto
et al, 2005). During twelve months (January 2004 to December 2004) pavement temperatures were
measured at a new pavement section, located at IP4 main road, near Bragança (north of Portugal).
At that location, seven thermocouples were installed in the pavement at seven different depths: at
surface, 0.028 m, 0.055 m, 0.125 m, 0.165 m 0.220 m and 0.340 m.

The depths were chosen to offer a proper representation of the whole asphalt concrete layers
(0.340 m). The temperatures were recorded at every hour, every day, allowing to produce the
visualization of the annual temperature evolution, such as the observed temperatures at the bottom
of the overlay, as presented in Figure 1. In that figure the typical temperature variations of summer
and winter periods are clearly identified.

3 PAVEMENT MODELLING

The pavement structure was modeled as presented in Figure 2. For crack reflection analysis the
top layer represents the bituminous overlay and the subjacent layer represents the old cracked
bituminous layer, where a crack is modeled by elements without stiffness.

The finite element model used in three-dimensional numerical analysis was developed by using
a general finite elements code, ANSYS 7.0. The design of a mechanical model is based on a finite
element mesh definition, oriented to mechanical analysis, considering a finer element mesh closer
to the pavement surface, nearer the wheel load point and in the overlay above the crack. An eight-
node structural solid element was used assuming linear approximation of the displacement field
and three degrees of freedom per node.

The model is 4.63 m long, 7.45 m wide and 2.24 m thick. The model total thickness is the result
of all pavement layers thicknesses: 0.125 m overlay, 0.215 m cracked layer, 0.30 m aggregate base
layer and 1.6 m subgrade. A longitudinal crack was modeled on the layer which is just below the
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Observed temperatures at bottom of overlay, in the year of 2004
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Figure 1. Observed temperatures at overlay bottom.

Figure 2. Structural model configuration used in numerical simulation.

overlay with 10 mm width. The resulting number of elements was 13538, in both traffic and thermal
cases.

The first effort in order to verify and calibrate the purely FEM mechanical analysis of a cracked
pavement before and after the overlay was accomplished by comparing the vertical crack activity
measured in the model with the one measured in the pavement using a crack activity meter, according
to the model developed by Pais et al (2002). The calibration was accomplished by comparing the
crack movements in a pavement and in the FEM model for two different conditions: before and
after the pavement overlay.

Once the type of processing depends on the loading case considered, for thermal loading, the
model processing was carried out as a transient process (time-rate dependent), because that load
type is a long term load, and the material properties are time-rate dependent. For the traffic loading
case, the model processing was based on a steady-state process, as that load is considered to be a
short-term load, and the material properties were defined as elastic material, or non-time-dependent.
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Table 1. Elastic properties of the bituminous mixture
used in this study.

Temperature (◦C) Stiffness (MPa)

−5 16157
5 13563

15 9304
25 478

4 MECHANICAL PROPERTIES

The stiffness modulus for modeling was obtained from flexural fatigue tests, conducted according
to the AASHTO TP 8-94, performed for 4 different temperatures: −5◦C; 5◦C, 15◦C and 25◦C.
The stiffness modulus values obtained for the conventional mix used in this work are presented in
Table 1.

The fatigue behavior considered for the studied mixtures was evaluated after the stiffness modulus
tests for the same test temperatures. For each test temperature (−5◦C; 5◦C, 15 ◦C and 25◦C) a fatigue
life law was achieved and fitted in the following model:

where Nf is the fatigue resistance, εt is the strain level, E is the stiffness modulus, Vb is the volume
of the binder in the mixture, a = 1.009; b = 0.9283, c = −0.3772 and d = 3.961

For the temperature variation modeling, it was considered that the bituminous material shows a
linear viscoelastic behavior, time-and-temperature dependent, modeled through thermal-reological
simplicity principle. With this principle, the relaxation curve for high temperatures is identical to
the low temperature relaxation curve, when loading time is scaled.

Relaxation tests were also performed at −5◦C, 5◦C, 15◦C and 25◦C, using bituminous samples
of the conventional mix. Tests results were fitted in kernel functions and considering the thermal-
reological simplicity principle, elastic shear modulus, Gi, elastic volumetric modulus, Ki, relaxation
modulus, τi, and C1 and C2 for WLF function were obtained and presented in Table 2.

Thermal contraction tests were performed and the coefficient of thermal contraction, constant
and independent from temperature, obtained for this study was 3.54 ×10 − 5/◦C.The Poisson’s ratio
was assumed to be constant and the value adopted was 0.35 for bituminous layers and subgrade
and 0.30 for granular layers.

5 SIMULATION PROCEDURES

The simulation procedures to achieve the purposes of this study involved a multiple 3-D finite-
element runs considering the pavement structure referred above. Each solution was obtained for
each hour and for each loading case (traffic, temperature variation and both superimposed). The
main analysis procedure involved in the present study is schematized in Figure 3.

In the first stage, for each hour of the day along a year, all nodal pavement temperatures of the
finite element model were calculated by using the thermal model, a steady-state thermal analysis
based, and applied in all nodes of traffic and temperature variation models. The input data of the
thermal model were the field pavement temperatures obtained in the seven points of the pavement.
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Table 2. Prony parameters of the bituminous mixture
used in this study.

Parameters Value

Shear Parameters
K∞ 2.81E + 01
K1 7.85E + 02
K2 2.60E + 02
K3 3.07E + 01
τK

1 5.85E − 01
τK

2 9.16E + 00
τK

3 9.92E + 03

Volumetric Parameters
G∞ 1.04E + 01
G1 2.89E + 02
G2 9.45E + 01
G3 1.13E + 01
τG

1 5.99E − 01
τG

2 9.49E + 00
τG

3 1.00E + 04

WLF
Tr 1.31E + 01
C1 2.56E + 07
C2 1.39E + 08

Figure 3. Procedures involved in the study.

The computed pavement temperatures were applied in all nodes of the traffic model to set the
elements stiffness for stress and strain calculation for 130 kN traffic loading case. The computed
pavement temperatures were also applied in all nodes of thermal mechanical model.

The strain and stress states obtained for traffic loading and temperature variations were super-
imposed to obtain the stress and strain states for resulted loading. After that, the average Von Mises
strains in the finite element nodes above the crack zone were computed for each case. This Von
Mises strains were used to estimate the overlay life of each studied case.
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Equation 2 was used to relate the average Von Mises strain with a fatigue strain concept used
on flexural fatigue laws, obtained from four-point flexural fatigue tests, normally used to evaluate
the prediction of pavement life. In this way, fatigue life was estimated considering the Von Mises
strain of the overlay. The four-point flexural fatigue tests performed to obtain the fatigue laws to
be used in this study were carried out at different temperatures. Those fatigue laws were developed
in terms of temperature-dependency.

The overlay life was obtained from nodal temperature occurred in the zone above the crack at
every hour. After that, the hourly damage was evaluated.

6 VON MISES STRAIN AND OVERLAY LIFE RESULTS

In one-year time-period the main results obtained from this simulation were: i) the Von Mises
strains; ii) predicted overlay life; iii) overlay damage. These calculations were performed for traffic
loading, temperature variations and the combination of both, traffic and temperature. In Figure 4,
the hourly means Von Mises strain evolution along the year is plotted against the time.

The Von Mises strain for each loading case was used to predict the pavement life after overlying.
Figure 5 shows the hourly predictive overlay life resulting from traffic and traffic +�T loading
cases.

The results show that the overlay life obtained from traffic loading is higher than the overlay
life obtained from traffic +�T loading, mainly in winter season, when low temperatures occur. In
summer, the predicted overlay life is inferior to that of winter. Thus, the effect of traffic +�T may
have a significant influence on the overlay life, which will justify a special attention.

7 DAMAGE RESULTS

Knowing the predicted overlay life and the number of axles distribution during the year allows
to perform an annual damage evolution estimation. The damage evaluation is made in terms of
damage distribution and in terms of accumulated damage evolution, measured hourly and monthly.
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Figure 4. Von Mises strain for all loading cases.
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Figure 6 shows the accumulated monthly damage occurred in a conventional mix overlay for
traffic and traffic +�T. In this figure the accumulated monthly damage occurred in relation to
traffic loading is lower than the damage observed for traffic +�T. Thus, the traffic +�T effect
in the overlay damage may have a significant influence when compared with traffic effects that
should be considered in a design process..

Monthly and annual damage for the real loading conditions (traffic and temperature variations)
was obtained from the previously presented results, as shown in Table 3.
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Table 3. Real monthly and annually damage for real loading conditions.

Air temperature

Period Tref �T Tmin Tmean Real damage

January-04 10.14 8.06 2.08 5.96 0.008340
February-04 11.02 10.67 0.36 5.06 0.017382
March-04 11.69 9.95 1.73 6.65 0.036154
April-04 15.69 13.13 2.56 9.41 0.041459
May-04 19.68 12.29 7.39 13.68 0.017202
June-04 28.13 15.22 12.91 20.99 0.012995
July-04 27.68 15.17 12.51 20.58 0.013910
August-04 25.78 11.49 14.29 20.30 0.011692
September-04 25.16 16.46 8.70 16.62 0.010663
October-04 16.75 9.12 7.63 11.98 0.006598
November-04 10.09 9.13 0.97 4.95 0.008147
December-04 9.08 9.45 −0.37 3.81 0.010155
Annual 20.80 13.15 7.65 14.27 0.194697

8 THEORETICAL SIMULATION

The reflective cracking evaluation presented needs time investment in terms of computing processes
and does not provide immediate results. Thus, the development of procedures that allow a rapid
evaluation of the damage associated to each loading condition is important for this study, mainly
for the development or improvement of the pavement overlay design methodologies in order to
consider the temperature variations effect in the reflective cracking phenomena.

Thus, the development of relationships between the thermal loading parameters and the corre-
sponding pavement damage and the development of shift factors between that theoretical damage
and the damage for real loading conditions are some of the purposes of the present research.

For a large number of “theoretical standard situations” of temperature variations loading, the
hourly damage was calculated in order to establish a direct relationship between those two variables
(loading conditions and associated damage). The standard situations of temperature variations are
characterized, for a period of twenty four hours, by means of two parameters: reference temperature,
Tref (the maximum daily air temperature), and the maximum daily temperature variation, �T.Those
situations were considered theoretical and it was assumed that these conditions happened during
the analysis period. The theoretical damage was calculated for the observed traffic.

First, for each theoretical loading situation, an hourly distribution was adopted, for twenty-four
hours, for the main atmospheric parameters that influence the pavement thermal state, specifically
the air temperature evolution, the solar radiation evolution, the mean wind speed and the full-depth
pavement temperature distribution for the initial thermal state. Those parameters were established
through an exhaustive analysis of temperature measurements.

After that, the evaluation of the theoretical stress/strain states in the pavement overlay associated
to each standard situation was carried out. This procedure involved the use of simulation ther-
mal models for full-depth pavement temperature determination. Considering these temperatures,
mechanical models were applied to determinate the stress/strain states in the pavement overlay.

A set of damage curves between (Tref , �T) and the obtained damage were deduced. Each damage
curve represents the variation of the damage during any period, as a function of the temperature
variation, �T, for a specific reference temperature, Tref . Figure 7 presents the curves of the annual
damage for a reference temperature, Tref , respectively.

The establishment of a reasonable number of damage curves allowed developing a statistical
study for fitting the results within a generalized law. These results provide evidence that monthly
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Table 4. Generalized constant values for monthly damage evaluation.

Constant values

Validation range a b c R2

35◦C <Tref < 15◦C 1.770E − 06 2.617E + 00 −5.653E − 02 8.618E − 01
15◦C <Tref < 5◦C 8.388E − 04 1.199E + 00 −1.598E − 02 7.814E − 01

damage variation against reference temperature, Tref , and temperature variations, �T, for each
month, show an exponential trend, and the best-fit relationship obtained follows Equation 4.

where: a, b and c = monthly damage fitting constants, for each month; Tref = reference temperature;
�T = temperature variation.

The a, b and c generalized constants were obtained statistically for each month, through the
monthly damage evolution analysis, by fitting Equation 4 to damage values associated to the
(Tref , �T) standard cases. The constants obtained for the statistical analysis are presented in Table 4
and are function of the reference temperature.

With the real and theoretical damage values, obtained for each considered period, a representative
factor between the theoretical damage and the real damage can be established for each standard
situation. This factor, called “damage shift factor”, is expressed by Equation 4.

where r = damage shift factor between theoretical and real damage; Dreal = total monthly damage
resulting from real traffic and temperature variations; Dtheoretical = total monthly damage resulting
from theoretical situations of traffic and temperature variations.
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Table 5. Real damage, theoretical damage and damage shift factor.

Air temperature
Real Theoretical Shift factor

Period Tref �T Tmin Tmean damage damage (Dr/Dt)

January-04 10.14 8.06 2.08 5.96 0.008340 0.011862 0.703097
February-04 11.02 10.67 0.36 5.06 0.017382 0.012580 1.381666
March-04 11.69 9.95 1.73 6.65 0.036154 0.013649 2.648738
April-04 15.69 13.13 2.56 9.41 0.041459 0.018468 2.244931
May-04 19.68 12.29 7.39 13.68 0.017202 0.002151 7.995755
June-04 28.13 15.22 12.91 20.99 0.012995 0.004643 2.798691
July-04 27.68 15.17 12.51 20.58 0.013910 0.004463 3.116920
August-04 25.78 11.49 14.29 20.30 0.011692 0.004562 2.563000
September-04 25.16 16.46 8.70 16.62 0.010663 0.003232 3.298987
October-04 16.75 9.12 7.63 11.98 0.006598 0.001688 3.907951
November-04 10.09 9.13 0.97 4.95 0.008147 0.011599 0.702369
December-04 9.08 9.45 −0.37 3.81 0.010155 0.010169 0.998642
Annual 20.80 13.15 7.65 14.27 0.194697 0.524624 0.371117

Table 5 shows the “damage shift factor” values for each analysis period. The fitting statistical
study for obtaining a, b and c constants was carried out monthly and during the global analysis
period.

The analysis of Table 5 allows concluding that, during cold months, the values of the damage
shift factor are values near 1. During warm months that parameter presents dispersion and, in the
majority of cases, shows values higher than 1.

9 DESIGN PROCEDURES

The purpose of the present study is to develop a generalized overlay design methodology. It three
phases: a) data definition; b) daily damage evaluation and c) performance evaluation.

Data definition and damage evaluation phases must have the same treatment as the procedure
for the establishment of damage relationships previously presented.

In the future the proposed methodology must develop the process of evaluation of the hourly
damage for 24 hours, which will consist in the application of relationships that produce the results
obtained for traffic and thermal effects observed during the year. The establishment of relationships
to obtain these objectives will have to observe the following aspects:

• the relationships for standard (theoretical) loading situations must be established with basis on
the acceptance of two values of air temperature (Tref , �T) as adopted in the second part of this
paper.

• the relationships will have to be developed for several overlay structure types, characterized for
diverse thicknesses of the pavement and several values of the stiffness of the existing layers,
including that of the subgrade foundation.

The process of development of the relationship proposed must generally follow the procedures
adopted in this paper. The resulting relationships will have to allow:

• the establishment of a pair of values (Tref , �T) which must guarantee the calculation of a daily
profile ofVon Mises strains associated to the combination of traffic and variations of temperature
loading;

• the establishment of a pair of values (Tref , �T) which must allow the calculation of a daily
profile that makes possible to obtain a permissible hourly traffic, as an alternative to the profile
considered in the previous point;
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• the establishment of a pair of values (Tref , �T) which must guarantee the calculation of a daily
profile of hourly damages associated to the combination of traffic loading and temperature
variation.

10 CONCLUSIONS

The finite-element analysis was used to simulate the reflective cracking performance of bituminous
mixture overlays throughout a year, considering the temperature variations as the main cause for
reflective cracking. A thermal response of the pavement structure, made by a thermal analysis, was
performed before a mechanical analysis. In the mechanical analysis the transient effect of relaxation
was considered, once the overall state of tension in the overlay caused by the temperature variation
is also a function of the viscoelastic response of the bituminous materials.

Temperature variations in bituminous layers (overlay and cracked layers) which cause a state
of tension in the overlay are particularly important for estimating the overlay life. The effect of
accumulated restrained thermal stresses, as a result of the effect of temperature variations shrinkage,
added to the traffic loading effect, will reduce the overlay life. Thus, the effect of temperature
variation will support the need for a special attention towards overlay design procedures.

This study has demonstrated that it is possible to include the effects of temperature variations
in a design process of pavement overlays. For that, it is necessary to develop a methodology that
includes relationships, such as the ones presented in this paper, for evaluating damage and shift
factors to adjust the results to the real behavior of overlays.
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ABSTRACT: Interlayer systems have been incorporated into hot-mix asphalt (HMA) overlays to
reduce reflective cracking development. This paper describes an investigation of the reflective
cracking mechanism and the ability of steel reinforcement netting interlayer to retard reflec-
tive cracking due to vehicular loading utilizing three-dimensional finite element method and the
ABAQUS cohesive zone model. For HMA overlay that consists of wearing surface and leveling
binder, it was found that reflective cracking occurs under the wheel path and at the lower one third
of the leveling binder layer and propagates transversely. The study found that steel reinforcement
netting placed between the HMA overlay and existing PCC pavement delays reflective crack initi-
ation time by seven folds. Also, the rate of fractured area by reflective cracking in the reinforced
overlay is 4.7 times lower than that of the unreinforced overlay. This study concludes that steel
reinforcement netting is an efficient interlayer system to delay the initiation and propagation of
reflective cracking given that it is properly installed.

1 INTRODUCTION

Several rehabilitation methods have been commonly used to alleviate reflective cracking in hot-
mix asphalt (HMA) overlays. These methods include increasing overlay thickness, cracking-and-
seating, sawing-and-sealing joints in overlay, adding a crack-arresting granular layer, and installing
interlayer systems (Mukhtar 1994, Cleveland et al. 2002). However, no ideal solution has yet been
found to prevent reflective cracking (Button and Lytton 2007). Interlayer systems have worked
effectively to reduce the occurrence of reflective cracking as a relatively efficient technique in
terms of cost as well as performance (Button and Lytton 1987, Buttlar et al. 2000). The interlayer
system, a layer made of a material depending on its functions, is laid down either between an
overlay and an existing pavement or within the pavement system. However, some of the interlayer
systems used in the past have shown minimal benefits in retarding reflective cracking due to the
lack of understanding of the interlayer systems mechanism and/or inappropriate installation of the
interlayer system (Peredoehl 1989). Based on field experiences of glass-grid interlayer, for example,
Steinberg (1992) noticed that the benefit of glass-grid interlayer was questionable due to improper
installation. The installation of the interlayer system and its interaction with the surrounding layers
is important to ensure its effectiveness.

2 BACKGROUND

2.1 Steel reinforcement netting interlayer

An interlayer system that is stiffer than HMA overlay has been typically used as reinforcement to
compensate the lack of HMA’s tensile strength; this includes steel reinforcement. A new class of
steel reinforcement netting interlayer, hexagonal opening shape, coated against rusting has been
successfully reutilized to retard reflective cracking (Vanelstraete and Francken 1993, BRRC 1998,
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Al-Qadi 2003). Vanelstraete and Francken (1993) showed results of two-dimensional (2D) numer-
ical analysis where an interlayer of metallic grid alone or with slurry seal reduced tensile strain at
the bottom of the overlay when induced by thermal loading. This results in delayed crack initiation
time. The Belgian Road Research Centre reported (1998) that steel mesh led to deflection reduction
at the vicinity of crack tip induced by shear strain. Based on two criteria of tensile strain by thermal
and shear strain by traffic, a relative gain factor (RGF) was calculated. The RGF represents the ratio
of number of cracks of reinforced overlay to that of the unreinforced section. The RGF for ther-
mal loading was 3.2–5.0 for glass-fiber and 6.4–8.8 for steel netting. For traffic loading, the steel
netting was also more efficient than glass-fiber due to higher steel stiffness. The first successful
application in the USA was conducted at the Virginia Smart Road by Al-Qadi et al. (2003). Al-Qadi
and his coworkers evaluated the benefits of the steel reinforcement by field observations and FE
analyses (Hughes and Al-Qadi 2001, Al-Qadi 2003, Elseifi and Al-Qadi 2005). They reported that
steel reinforcement netting increased the service life of overlays by a factor of 50% to 90%. Steel
reinforcement netting was found to reduce maximum transverse strain at the bottom of 100 mm
HMA overlay by 15% due to vehicular loading and by 20% due to one cycle of daily temperature
variation of 22◦C–51◦C. Baek and Al-Qadi (2006) used numerical analysis to investigate the role of
single steel reinforcement wire, in a two-layered beam specimen, on delaying crack development
at −10◦C. Crack initiation time was delayed, and growth rate was reduced. Steel reinforcement
redistributed concentrated stresses around crack tips. The researchers commented that steel rein-
forcement effectiveness was affected by interface conditions, HMA material characteristics, and
temperature. The behavior of reflective cracking in full-scaled pavement model, however, has not
been addressed explicitly.

2.2 HMA crack modeling

Since Dugdale and Barenblatt introduced the concept of the cohesive zone model (CZM) in the
early 1960’s, many researches have developed various types of the CZM to describe fracture behav-
ior ahead of the crack. The CZM represents an inelastic, especially softening, behavior at a fracture
process zone (FPZ). The FPZ is assumed to have a thin yet negligible width; hence, the FPZ is a
localized strain field tangential to an existing crack trajectory. The original existing crack is extended
artificially into a FPZ at which a non-zero traction force, t corresponding to separation, � is spec-
ified on both sides of the cracked surfaces as a closure force by the traction-separation law (TSL).
Geubelle and Baylor (1998) utilized a bilinear CZM to alleviate compliance problems due to an ini-
tial hardening part by adjusting the slope of the initial curve. Song et al. (2004) adapted an intrinsic
bilinear CZM in simulating mode I and mixed mode cracks after resolving the compliance problem.

For HMA, Jenq and Perng (1991) applied the CZM with various combinations of nonlinear spring
and dashpot units to represent the HMA viscous behavior. Soares et al. (2003) extended the CZM
to characterize HMA heterogeneity by applying the CZM into interface between aggregate grains
and asphalt mastic. Paulino et al. (2004) implemented an intrinsic CZM in FEM for HMA and
validated the resulting model with the indirect tension (IDT) test using calibrated cohesive param-
eters obtained from single edge notched beam (SENB) tests. After that, Song et al. (2004) showed
another successful application to HMA with the bilinear CZM. Baek and Al-Qadi (2006) simu-
lated a modified SENB test that consisted of two HMA layers reinforced with a steel wire utilizing
cohesive elements provided by a commercial FEM code, ABAQUS. They adapted time-dependent
viscoelastic material properties for HMA bulk elements, while time-independent fracture proper-
ties were used for the cohesive elements. Currently, more applications of the CZM are conducted in
pavement analysis because of the efficiency of FEM implementation and the versatility of the TSL.

3 NUMERICAL MODELING OF HMA OVERLAYS

3.1 Geometry and boundary conditions

A 57-mm HMA overlay (38-mm wearing surface and 19-mm leveling binder) is placed on a
200-mm jointed Portland cement concrete (PCC) pavement. The PCC pavement consists of a
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Figure 1. (a) Geometry of HMA overlaid pavement model; (b) geometrical symmetry; and (c) pavement
profile.

150-mm base and a 9600-mm subgrade; the PCC joint width is 6.4 mm (Figure 1). Since a PCC
slab is geometrically symmetric, one quarter of the slab was modeled. A symmetric boundary
condition was applied to the three sides surrounding the considered PCC slab (o symbols in Figure
1(b)). Infinite elements are used at a far-field zone (light grey color in Figure 1(a)) to ensure zero
deformation and to minimize the stress wave reflection, “quite” boundary condition for dynamic
analysis. Based on mesh sensitivity analysis, critical responses at the bottom of HMA overlay were
converged at this domain size.

3.2 Material properties

In general, a HMA material exhibits time-temperature dependent characteristics. At low and inter-
mediate temperatures and/or under a short loading period, a linear viscoelastic constitutive model
has been shown to be a valid representation of HMA behavior. For the linear viscoelastic mate-
rial, time-dependent stress is formulated with the integration of shear and bulk parts as follows
(ABAQUS 2007):

where G, K = shear and bulk moduli and function of reduced time τ; and ė, φ̇ = deviatoric and
volumetric strains.

The generalized Maxwell solid model, which consists of parallelized single Maxwell units and
an isolated spring, is a mechanical model to define the relaxation of material in a time domain. The
Prony series expansion is used to formulate the relaxation function of G and K with respect to the
reduced time in the generalized Maxwell model as follows:
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where GR(τ), KR(τ) = shear and bulk relaxation moduli at a reduced time τ; G0, K0 = instantaneous
shear and bulk relaxation moduli, GR(0) and KR(0), respectively; gi, ki = dimensionless shear and
bulk Prony series parameters; τi = relaxation time; and N = number of the parameters.

The Prony parameters and instantaneous moduli were determined from dynamic (complex)
modulus tests. The dynamic modulus, |E∗| obtained from an indirect tension (IDT) test device
(AASHTO T322) at −20◦C, −10◦C, and 0◦C were converted into shear dynamic modulus at a
constant Poisson’s ratio and decomposed into storage, G′(ωr) = |G∗(ωr)|cosφ(ωr) and loss part,
G′′(ωr) = |G∗(ωr)|sinφ(ωr) with respect to reduced angular frequency, ωr = 2πfr at a reference
temperature of −10◦C. On the other hand, using the Fourier transformation, the shear relaxation
modulus is converted into the same two parts as follows:

where G′(ωr), G′′(ωr) = storage and loss part of shear modulus at ωr.

The Prony parameters are determined by the nonlinear least square fit of both components.
Then, the bulk parameters are assumed to be the same as the shear parameters. Table 1 shows the
determined Prony parameters for HMA shear relaxation and instantaneous moduli. Other materials
are assumed simply as isotropic linear elastic materials in a typical elastic range (Huang, 1993).
Table 2 shows the other materials’ properties.

3.3 Steel reinforcement netting modeling

Steel reinforcement netting with hexagonal openings, which consists of single and double twisted
wires and reinforcing bars, is modeled with beam elements, since it is able to resist bending as well
as axial tensioning (Figure 2). Before HMA overlay placement in the field, slurry seals are usually
applied for better fixation to existing PCC surface and bonding to HMA. In addition, they provide
a strain tolerant layer. In order to reproduce the installation procedure of steel mesh on PCC, a thin
layer is added between PCC slabs and the HMA overlay by means of membrane elements, which
carry only in-plane force. By sharing nodes of the membrane layer, steel mesh is embedded in the
slurry seal identically; hence, no relative displacements exist between the steel mesh and slurry
seal. Interface bonding conditions between steel mesh and HMA and PCC layers are controlled

Table 1. Prony series parameters, g and τ and shear instantaneous modulus, G0.

N 1 2 3 4 5 6 7 8 9 10 G0

gi 0.070 0.096 0.114 0.136 0.119 0.110 0.100 0.083 0.060 0.030 7.0
τi 10−4 10−3 10−2 10−1 100 101 102 103 104 105 GPa

Table 2. Material properties of HMA overlaid pavement model.

Material Elastic modulus (GPa) Poisson’s ratio Density (tonne/m3)

HMA 17.2∗ 0.22 2.3
PCC 27.5 0.20 2.4
Base 0.3 0.35 1.9
Subgrade 0.14 0.40 1.9

∗Instantaneous modulus.
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by friction. In general, relatively better bonding exists between interlayer and HMA than between
interlayer and PCC. So, it is rational to assume that friction between the HMA overlay and slurry
seal layer including steel mesh is infinite, a perfect bonded condition. This case was verified by
field cores. On the other hand, the interfacial behavior between the PCC slabs and slurry seal layer
is governed by the Coulomb friction model. In this case, a friction coefficient indicates the degree
of bonding. Material properties for the slurry seal and steel reinforcement are presented in Table 3.
The slurry seal is assumed low stiffness mastic at −10◦C.

3.4 Crack modeling

To model reflective cracking, cohesive elements are assigned at a region over a joint where a
reflective crack will potentially develop (Figure 3(a)). The zero-thickness feature of the cohesive
element is capable of satisfying a geometrical equivalency of a body. Numerically, however, unit
thickness is assigned to the cohesive elements to avoid numerical singularity so the strain in the
elements is the same as displacement. During fracture, they hold the surfaces of the crack by means
of traction assigned in the cohesive elements. Relative displacement at two crack surfaces, namely
separation, is treated as a crack when the separation is greater than a critical value. As the separation
increases, traction increases up to the cohesive strength, to; then decreases gradually, and vanishes
at the critical separation, �cr . In order to define a bilinear TSL curve, at least two out of three
parameters are needed: cohesive strength, critical separation, and fracture energy, Gc (Rahulkumar
et al. 2000). Using the disk-shape compact tension (DCT) test (ASTM D7317-07), the fracture
parameters were obtained for HMA at −10◦C. The fracture energy was calculated with the area

Figure 2. (a) Overall placement of steel reinforcement netting between overlay and PCC slabs; (b) detail
view on the PCC slabs; and (c) mesh configurations.

Table 3. Material properties of membrane and steel reinforcement.

Material Elastic modulus (GPa) Poisson’s ratio Density (tonne/m3)

Slurry seal 1.0 0.35 2.0
Steel 200.0 0.28 7.8

Single wire Double wire Reinforcing bar
Diameter (mm) 2.7 5.4 4.9
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under the force-crack mouth opening displacement (CMOD) curve and the cohesive strength was
calculated from a peak load divided by the ligament (fractured) area of the specimen. For mode
I, fracture energy and cohesive strength achieved from nine-year-old overlay field specimens are
274 J/m2 and 0.58 MPa, respectively. Critical separation, �cr, and separation corresponding to the
cohesive strength, �0, are computed 0.95 mm (= 2Gc/t0) and 3.4 × 10−5 mm, respectively, using
bilinear TSL. Crack initiation and evolution are governed by quadratic nominal stress and fracture
energy criterion, respectively, in a mixed mode.

where tn, ts, tt = traction in normal and shear (vertical and lateral) directions, respectively; Gn,
Gs, Gt = traction in normal and shear (vertical and lateral) directions, respectively; and 0 denotes
maximum value.

4 REFLECTIVE CRACKING INITIATION AND PROPAGATION

In order to analyze reflective cracking development, cohesive elements were inserted into a potential
crack location above a joint (Figure 3(a)). The cohesive elements were inserted only into the leveling
binder level layer to minimize the compliance problem by the existence of the cohesive elements.
The study focuses on the early stage of reflective cracking.

4.1 Reflective cracking initiation

A scalar of degradation, D, is utilized to investigate the initiation of reflective cracking, ranging
from 0.0 to 1.0 (Baek and Al-Qadi 2006). Until the damage initiation criterion (Eq. 6) is satisfied,
D remains 0.0 and it begins to increase as a fracture is progressed to crack evolution. When the

Figure 3. Schematic of a cracked body with cohesive elements: (a) cohesive elements in a potential crack
location before fracture; (b) deformed cohesive element during fracture; and (c) bilinear traction separation
law utilized in the cohesive elements.
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fracture energy criterion for crack initiation is satisfied (Eq. 7), D is equal to 1.0. Figure 4 presents
the degradation scalar, D, at two locations, under a tire and between dual-tire assembly, as a function
of distance from a joint. Regardless of the tire locations, the peak D of 0.65 occurs in 0.25 h/hLB

to 0.36 h/hLB at a loading time of 0.009 sec; where h is a vertical distance from the bottom of the
leveling binder and hLB is the lift thickness of the leveling binder. The locations are coincided with
the region where maximum shear stress occurs. At this moment, the upper parts (h/hLB > 0.4) of
the peak location have greater D values than the lower parts (h/hLB < 0.2); especially when Ds

are still 0.0 at the bottom of the leveling binder (the last two cohesive elements). Thus, reflective
cracking is expected to occur at the middle of the leveling binder, not at the bottom. As loading
time increases, Ds increase up to 0.94 at 0.0018 sec and 0.97 at 0.0027 sec; but do not reach 1.0 at
any locations. This suggests that due to one passing of vehicular loading, micro-cracks or damages
are considerably progressed in the fracture process zone; but reflective cracking explicitly is not
initiated yet. In this study, as an alternative way of saving excessive computational cost to apply
numerous loads, potential fracture behavior of reflective cracking is analyzed by adapting lower
fracture criterion, i.e., reflective crack initiation at D = 0.5 instead of D = 1.0.

4.2 Reflective cracking propagation

Under the assumption that a crack initiates when D = 0.5, reflective crack initiation locations are
investigated (Figure 5). Reflective cracking initiates at 0.007 sec under the center of the dual-tire
assembly at one third of the leveling binder thickness, not at the bottom of the leveling binder. Then,
reflective cracking propagates upward and downward and reaches the leveling binder surface and
bottom at 0.013 sec and 0.016 sec, respectively. The main driving force of the crack propagation
is shear stress at the beginning and then tensile stresses. If more loading is applied, the reflective
cracking propagating to the leveling binder surface will propagate further through the wearing
surface. Thus, reflective cracking due to vehicular loading can be classified as a bottom-up crack.

The fractured area in the leveling binder layer by reflective cracking is plotted over loading time
as a function of D in Figure 6. While no fractured area at D = 1.0 exists over the whole loading time,
the potential fractured area increases with the decrease of D. This means that the potential fractured
area will be fractured when more loading is applied. For D = 0.50 to 0.95, the fractured area rapidly
increases at a loading time of 0.027 sec when a front edge of the tire is located 126.8 mm away from
a joint. During the rapid increase in the fracture area, reflective cracking occurs under the tires and
reaches on top of the leveling binder layer. Then, the fractured area increases gradually. As shown

Figure 4. Comparison of reflective crack evolution under a tire and between two tires as a function of distance
from the joint.
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Figure 5. Crack initiation locations under a single tire and dual-tire assembly over loading time.

Figure 6. Variation of fractured area in the leveling binder layer over time as a function of D.

in Figures 6 and 7(a), it is evident that reflective cracking initiates at one third of the leveling binder
layer under the wheel path and it propagates upward and downward under the wheel path prior to
transverse propagating.

5 EFFECTIVENESS OF STEEL REINFORCEMENT NETTING

The contour of the degradation scalar, D for unreinforced and reinforced overlays, exposed to the
same conditions, is shown in Figure 7(a). From the contours, the fractured area of the reinforced
overlays is significantly less than that of the unreinforced overlay. Also, the fractured area of
the reinforced overlay occurs at the bottom of the leveling binder layer, not within the layer.
This explains the reinforcement mechanism to retard reflective cracking. Very strong steel netting
stiffness supports relatively weak HMA overlay to avoid uneven vertical deformation over a joint,
i.e., decreasing vertical shear deformation. Consequently, it can prevent reflective crack initiation
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Figure 7. Comparison of fractured area in the leveling binder between unreinforced and reinforced overlays:
(a) reflective crack evolution in leveling binder layer over loading time (not to scale) and (b) normalized
fractured area variation at D = 0.5.

due to shear failure. In addition, tensile strain at the region that steel netting is embedded is locally
restricted. Therefore, reflective cracking in reinforced overlay occurs at the bottom of the leveling
binder layer and propagates upward. It has to be noted that debonding could occur if the vertical
movement at the joint is high.

The effectiveness of steel reinforcement netting on retarding reflective cracking is evaluated
through the overall performance of overlay using fractured area. In this approach, the location of
reflective cracking is ignored. As shown in Figure 7(b), the fractured area in the unreinforced overlay
increases abruptly after the loading application; the rate of fractured area increases gradually after
70% of the area is fractured. When the normalized fractured area becomes 0.1, it is defined as
reflective crack initiation time, and the propagation rate is calculated as the slope of the fractured
area curve from 0.1 to 0.7 of the normalized fractured area. Thus, the reflective crack initiation time
is 0.016 sec and 0.112 sec for the unreinforced and reinforced overlay. Thus, the steel reinforcement
netting delays reflective crack initiation about seven times. The rate of fractured area for the
unreinforced overlay is 1.2 m2/sec which is 4.7 times faster than 0.26 m2/sec for the reinforced
overlay.

6 SUMMARY

In this paper, a full-scale three-dimensional finite element model was built for HMA overlay placed
on existing joint PCC pavements. In order to analyze the behavior of reflective cracking, interface
elements governed by the cohesive zone model, cohesive elements were inserted at a potential
location. A degradation scalar, D, was used to determine crack initiation. Due to one pass of a
moving vehicular loading, micro-cracks or damages are initiated right over the joint at one third of
leveling binder thickness from the bottom. Using lower fracture criterion, D = 0.5, the initiation of
reflective cracking was determined. The fractured area in the leveling binder shows that reflective
cracking occurs under a wheel path and propagates transversely over a joint.

A hexagonal opening steel reinforcement netting interlayer was inserted between the HMA
overlay and PCC pavement surface to evaluate its effectiveness of retarding reflective cracking.
When reinforcement is present, a reflective crack initiates at the bottom of the leveling binder and
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propagates upward. Compared to unreinforced overlay, the initiation time of reflective cracking is
7 times slower, and the rate of fractured area is 4.7 times lower. Hence, it is evident that the steel
reinforcement netting is an efficient method to retard reflective cracking if properly installed.
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ABSTRACT: A multiscale virtual-testing methodology is developed and evaluated with the goal
of linking the binder and aggregate properties to the cracking performance of asphalt concrete. The
main ingredients of the proposed methodology are (a) a virtual fabrication technique that generates
the microstructure of asphalt concrete specimens without the need for physical fabrication, (b) a
lattice modeling approach that simulates the micromechanical behavior of cracked asphalt concrete
specimens, and (c) a multiscale methodology that incorporates the effects of aggregates of widely
varying sizes. The resulting methodology is utilized to simulate the load-deformation behavior
of real uniaxial tension test specimens. A comparison of the predicted response to the measured
response indicates that the proposed method shows promise, but requires further work aimed at the
fundamental understanding of the micromechanical behavior of the binder.

1 INTRODUCTION

Fatigue cracking is one of the major distresses in asphalt pavements. Numerous field and laboratory
studies that have been conducted on the Superpave PG binder specification clearly indicate that
the fatigue cracking performance of hot mix asphalt (HMA) is dependent on the interaction of the
aggregate and asphalt binder. This fact makes it difficult to develop a reliable component material
specification for fatigue cracking by testing only one component. On the other hand, it is impossible
to test asphalt-aggregate mixtures for the binder specification because asphalt binders are normally
purchased long before the aggregate sources are determined. Although some locally representative
combinations of aggregate and binder may be identified, the large experimental cost involved in the
mixture testing makes the testing of HMA an improbable alternative for the binder specification. In
an attempt to reduce the cost of better understanding and characterizing the cracking performance
of HMA, and to produce an enhanced component material specification, a micromechanics-based
virtual testing procedure is developed in this study. It is important to note that this study attempts
to predict the mixture properties from the component material properties, which is in contrast to
other HMA micromechanical modeling studies that use the mixture and/or mastic properties to
simulate the cracking of asphalt concrete (Birgisson et al. 2004, Song et al. 2005).

Average micromechanical modeling, as the name implies, provides an efficient way to
approximate micromechanical simulation to predict macro-mechanical behavior. Discrete element
modeling techniques have been successfully used in modeling other granular materials and rock

575



masses (Cundall 1971, Zubelewicz & Bazant 1987, Ricardo & Tang-Tat 1992). Although discrete
particle modeling has been used to simulate HMA (Meegoda & Chang 1994), an alternative tech-
nique based on lattice modeling may be more effective due to the bond-dominant nature of the
material. Succinctly put, lattice modeling involves approximating the continuum using a lattice,
with each element representing an intact bond that can be broken at any time to create a microcrack.

In this study, a lattice modeling methodology that incorporates a fracture energy-based failure
criterion is developed as the numerical analysis tool to predict the mechanical behavior of HMA.
Complementary to the lattice model, a stand-alone virtual microstructure fabrication approach is
developed that automatically attains the two-dimensional (2D) internal structure of HMA which
is derived from the job mix formula. To improve computational efficiency, these two approaches
are integrated through the multiscale modeling method to perform a seamless microstructural
analysis of actual HMA specimens with the ultimate aim of performance evaluation and mix
design optimization.

The resulting multiscale virtual testing procedure is applied to simulate the uniaxial tension test,
and the predictions are compared with the experimental observations. This comparison indicates
that a comprehensive understanding of the behavior of the asphalt binder at a microscopic scale
is required. With the help of a calibration process, this study attempts to identify the critical areas
that need further investigation.

2 VIRTUAL TESTING

In this section, a virtual fabrication technique that generates the microstructure of a virtual specimen
is first developed and tested. A mesh generation procedure is then developed to represent the virtual
specimen with a discrete random truss network, which is then analyzed using a lattice modeling
approach.

2.1 Virtual fabrication technique

The study of the complex constitutive behavior of HMA requires capturing its microstructure for
subsequent modeling of the complex interaction among its constituents. Digital imaging techniques
have been widely used to quantify the aggregate configurations, but it requires the fabrication of
specimens. In order to reduce, and possibly eliminate, the need for the physical fabrication of speci-
mens, an alternative to digital imaging, namely virtual fabrication, is introduced in this study. Virtual
fabrication refers to utilizing the mix properties to virtually fabricate a 2D microstructure of a spec-
imen for the 2D lattice analysis. The fabricated microstructure is expected to mimic the microstruc-
ture of the actual specimen and, more importantly, the mechanical behavior of the specimen.

Such an approach starts with inverse stereology that converts the volumetric aggregate gradation
into a 2D apparent area gradation. Stereology (Underwood 1970) is the process of predicting the
three-dimensional (3D) geometrical structure from 2D information, that is, the geometry of cross-
sections on several parallel planes. One of the most commonly used approaches to stereological
problems is the so-called statistical-geometrical approach, which measures and classifies a large
number of 2D figures or images to build an actual picture of the average 3D structure (Fig. 1(a)). In
an analogous manner, inverse stereology, as the name implies, reconstructs the 2D cross-sections
based on given 3D information. In this study, an inverse stereology-based method is developed to
convert the 3D volumetric aggregate gradation into the 2D apparent area gradation in a cut surface
(Fig. 1(b)).

A particle generation program is then employed to represent an aggregate particle by a polygon.
First, a polygon with an arbitrary shape is generated within the area between two serial sieves. Its
geometrical shape and size and spatial position are, in turn, randomly adjusted according to the
aspect ratio and orientation distribution functions, which are obtained from a previously generated
database of the images of actual cut surfaces. The resulting aggregate particle is then randomly
placed into an area of the specimen. A check for possible overlaps of the particles is made, and the
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Figure 1. Conversion between 3D and 2D structural information using (a) stereology, and (b) inverse
stereology.

generated particle is accepted only if there are no overlaps with other previously generated particles
inside the specimen. Starting with the largest aggregate, the above procedure is applied recursively
until the area is populated with all the aggregates.

The effectiveness of the above procedure is evaluated by comparing the virtual microstructures
with microstructures obtained from digital imaging. The comparison is performed with respect
to geometry as well as the mechanical properties. It was found (Kim et al. 2005) that the two
microstructures appear similar visually. Quantitatively, there are 281 and 284 particles in the actual
and virtual cut faces, respectively, and the difference between them of the total aggregate areas is
about 9%. More importantly, the mechanical properties of the two microstructures, namely their
stiffness and strength, are found to be very similar (Kim et al. 2005).

2.2 Numerical lattice modeling

A lattice modeling methodology is adopted in this study to analyze the virtually fabricated HMA
specimens and capture the effects of the component materials’mechanical and geometric properties.
The lattice modeling approach starts with lattice mesh generation that discretizes the continuum
microstructure into a network of truss elements, which is then analyzed using standard matrix
structural analysis. These steps are described in the following sections.

2.2.1 Lattice mesh generation
HMA is modeled as a two-phase system, i.e., as a homogeneous binder with rigid aggregate parti-
cles that do not deform or crack. A random truss lattice, which has been proved to be statistically
homogeneous and isotropic (Guddati et al. 2002), is used for the mastic to eliminate any compu-
tational anisotropies that are characteristic of regular lattice networks. As shown in Figure 2, the
generation of such a lattice begins with a regular square mesh called the base mesh. Each cell of
the base mesh contains a single node whose exact location (that is, deviation from the center) is
determined based on a uniform probability distribution function. Once the nodes are generated,
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Figure 2. Lattice representation of Hot Mix Asphalt (HMA): (a) random nodes inside base mesh; (b) lattice
network formed by Delaunay triangulation; and (c) lattice mesh for HMA.

the lattice network is constructed by linking the nodes using Delaunay’s triangulation (Fig. 2(b))
(Christ et al. 1982, Moukarzel & Herrmann 1992). The basic idea of Delaunay’s triangulation is
to take three points and check if their circumscribing circle contains no other points inside. If it
does not, these three points are connected to form a triangle. Different from the mastic, the aggre-
gate is represented by a lattice mesh with regularly distributed nodes and random connections that
illustrate its configuration. In particular, its boundary is captured and represented by a group of
regularly spaced lattice nodes (Fig. 2(c)).

2.2.2 Stiffness properties of the lattice links
The lattice link size is determined primarily by the minimum aggregate size and the computational
cost requirements. The mechanical properties of each link are chosen based on the component
material(s) over which the link lies. The geometrical properties, however, are mainly dependent
on mesh density and usually can be used to adjust the global behavior of the lattice network to
match the actual mechanical response of the material being simulated. In this study, the aggregate
particles are modeled as rigid inclusions, and deformation and cracks occur only inside the binder,
or mastic. Thus, only the binder (mastic) link properties are needed in the numerical analysis.
Specifically, considering the linear stress-strain relationship of lattice links, one may define the
relationship between the cross-sectional area of the binder link (Ai) and the lattice characteristic
length (Lc), as shown in the following equation, so that the macroscopic Young’s modulus of the
lattice network matches the actual binder modulus:

In the above equation, t is the thickness of the specimen, which is the unit length in the 2D
analysis. Constant C (≈ 1.031) is obtained by simulating the uniaxial tension test on a binder patch
represented by a network of lattice links with an identical link modulus but with varying Ai and
Lc. Once the link properties are determined, the material stiffness is predicted by analyzing the
resulting lattice system using standard matrix analysis techniques.

Note that the above procedure is for elastic deformation only. Since asphalt concrete is viscoelas-
tic, whenever such behavior needs to be simulated, the links are replaced by generalized Maxwell
elements represented by the Prony coefficients of the binder.

2.2.3 Lattice modeling of progressive crack growth
The lattice approach simulates damage in bond-dominant materials by the successive removal of
failed links, representing microcracks. Thus, in addition to the parameters required for linear defor-
mation analysis (the cross-sectional area and the link modulus), a failure criterion is required to
trigger the creation of microcracks. Noting that the breakage of a failed lattice link can be viewed
as the creation of a microcrack in the continuum representation, it is reasonable to assume that the
failure criterion is related to the energy needed to create the associated microcrack. Based on classi-
cal fracture mechanics, the required energy to create the crack is a multiple of the crack area and the
specific fracture energy associated with the broken bond (Gdoutos 1990, Ewalds & Wanhill 1984).
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The lattice link used in this study is idealized as linear elastic-brittle, with failure occurring when
the energy stored in the link exceeds the fracture energy of the associated microcrack. Thus, the
link is removed when the linear elastic strain energy (U e

i ) exceeds the multiple of the microcrack
surface area (i.e., the cross-sectional area, Ai) and the specific fracture energy (γ i); that is, the link
cracks when

In Equation (2), the fracture energy, γi, is actually representing the interface fracture energy in
the lattice system. For a binder-to-binder link, γi is the fracture energy of cohesion – the energy
required to create a unit area crack within the binder, which is twice the specific fracture energy
of the asphalt binder (γb),

For a binder-to-aggregate link, γi is the fracture energy of adhesion – the energy required to create
a unit crack area between the binder and aggregate, which can be calculated using the following
equation:

where γa is the aggregate surface energy, and γab is derived from the interface effects between the
aggregate and binder (Cheng et al. 2002). Noting that:

where Ei, Ai, and εi are Young’s modulus, cross-sectional area, and axial strain of the link,
respectively; the fracture energy-based failure criterion immediately translates into the following
strain-based criterion:

Thus, any link subjected to a tensile force that has strain exceeding its specified failure strain
threshold in Equation (6) is removed to represent microcracks. Note that the above failure criterion
applies only to links in tension, and there is no compressive failure of the links in the current lattice
model. Presently, the analysis is quasistatic, and inertial effects are ignored.

3 MULTISCALE ANALYSIS APPROACH

The virtual testing procedure (virtual fabrication followed by lattice modeling), although appearing
straightforward at the outset, has significant practical limitations due to its computational cost. In
this study, the multiscale modeling approach is employed to handle the computationally intensive
aspect of the lattice modeling. Essentially, the multiscale approach considers the effect of different-
sized aggregates at different scales. Such an approach reduces the computational cost significantly
while capturing the mechanical phenomena at various scale lengths. The virtual testing procedure
integrated by the multiscale analysis approach is illustrated in Figure 3. As shown in the figure, given
the mixture aggregate gradation, inverse stereology is applied to obtain the aggregate gradation
in terms of the apparent aggregate area percentage. Then, the resulting 2D apparent aggregate
gradation may be divided into a series of subregions based on different scales of observation.

The analysis starts with the virtual fabrication of a group of representative volume elements
(RVEs) at the smallest scale (scale n). Noting that the heterogeneity at scale n can be averaged
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Figure 3. Multiscale virtual testing procedure.

at the larger scale (scale n-1), scale n RVE can be regarded as homogeneous mastic in the anal-
ysis performed at scale n-1. The RVEs at various scales are analyzed using the lattice modeling.
The lattice analysis takes the fracture energy of the binder, surface energy of aggregates and
modulus of the binder, and calculates the effective stiffness and fracture energies of RVEs at
scale n. This is accomplished by simulating the SEN test for fracture energies and the uniaxial
test for the effective stiffness of RVEs. The resulting stiffness and fracture energies from all the
RVEs are statistically averaged to eliminate the RVE-to-RVE variation due to the random nature
of microstructure generation. The processed mastic properties are, in turn, used in the larger scale
(scale n-1) lattice modeling. This procedure is recursively applied until all subregions of the gra-
dation are considered. In particular, the microstructure of the specimen being simulated is created
and analyzed at scale 1 to predict its mechanical response and, eventually, the mixture’s cracking
performance.

An important point to note is that in the multiscale analysis, the heterogeneities observed at
the smaller scale and their effects on microcracking are considered in an average sense by using
homogenized (averaged) mechanical properties. Given that the main objective is to characterize
the cracking behavior at a macroscopic level, as previously mentioned, it is unnecessary to pre-
cisely simulate the micromechanical phenomena, such as stress singularity and the propagation of
individual microcracks. Thus, in the current research, the multiscale approach is sufficient and,
due to its efficiency, appropriate and desirable.
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4 EVALUATION OF THE MULTISCALE VIRTUAL TESTING PROCEDURE

In order to test its predictive abilities, the virtual testing procedure is utilized to simulate the uniaxial
tension test, and the resulting load-displacement curves are compared with those obtained from
the physical tests.

4.1 Physical testing

The asphalt mixture used in this study is a 12.5 mm Maryland State Highway Administration
Superpave mix design. Cylindrical specimens of 150 mm diameter and 170 mm height are fabri-
cated using the Australian gyratory compactor, ServoPac. Cores of 75 mm diameter and 150 mm
height are taken from the middle of the specimen. Four LVDTs set 90◦ apart are installed in the
middle of the specimen with a gauge length of 100 mm. Constant crosshead rate tests are per-
formed at −10◦C with the constant crosshead rates that correspond to strain rates of 806, 43.8,
and 2.48 microstrains/second. Low temperature was selected to ensure that the nature of the frac-
ture is mainly elastic. This condition is necessary because the viscoelastic fracture has not been
incorporated into the current lattice model (note that only fracturing is considered elastic, but the
deformation includes viscoelastic effects).

4.2 Virtual testing

Based on the aggregate gradation, it is determined that virtual testing for the current case is best
performed by using a four-scale approach: scale 1 for coarse aggregates between 2.36 and 19 mm,
scale 2 for aggregates between 0.6 and 2.36 mm, scale 3 for aggregates between 0.15 and 0.6 mm,
and scale 4 for fine aggregates below 0.15 mm. For the smaller three scales, an elastic analysis
is conducted to up-scale the binder elastic modulus and the fracture energy. The up-scaled elastic
modulus for scale 1 mastic is multiplied by the time-dependence of the binder stiffness to obtain
the mastic relaxation modulus at scale 1. The relaxation modulus and fracture energies of scale
1 mastic are then used to perform the analysis on a 75 mm × 150 mm rectangle to obtain the
final load-deflection curves. The fundamental inputs for this procedure are, therefore, the binder
relaxation modulus and the binder/aggregate fracture energies.

The asphalt binder used in this study is an unmodified PG 64-22 obtained from the Paulsboro,
New Jersey terminal of the Citgo Asphalt Refining Company, which is the AAK binder designated
by the SHRP. In this study, the Dynamic Shear Rheometer (DSR) and the Bending Beam Rheometer
(BBR) data are utilized to derive the relaxation modulus. However, note that the binder in the asphalt
concrete is in a thin-film form and is significantly stiffer than that measured by the DSR and BBR
tests. This phenomenon was quantified by Huang et al. (1998), who presented the viscosity values
for films of various thicknesses. This data indicates that a 10-micron film is 1.91 times more viscous
than a 150-micron film. Assuming that the average film thickness is 10 microns, and the viscosity
of 150-micron film is the same as the viscosity measured by DSR and BBR, the binder modulus is
scaled by 1.91 to account for the stiffening effect in thin films. The final scaled binder modulus is
plotted in Figure 4 (referred to as the original modulus).

The binder and aggregate surface energies used in this study are obtained from the extensive
experimentation conducted by the Texas A&M research team (Cheng et al. 2002) and are shown
in Table 1. Once the component material properties are obtained, the next step is to up-scale the
stiffness properties and fracture energies for scale 1 mastic. As mentioned earlier, this is performed
through elastic lattice modeling at scales 4 through 2. At scale 4, lattice modeling is performed on six
virtually fabricated uniaxial tension test specimens. The binder elastic modulus is taken as 209 MPa,
and the stiffness of the uniaxial tension test specimens is computed; these stiffness results are then
averaged to obtain the stiffness of scale 3 mastic. This procedure is repeated at scales 3 and 2 to
eventually obtain the elastic modulus of scale 1 mastic. Similarly, the fracture energy for each scale
is obtained by simulating SEN tests on three realizations of microstructures. The averaged mastic
fracture energy for a given scale is used in the lattice modeling of the material RVEs at the upper
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Table 1. Mechanical properties of mastics at various scales.

Scale Scale 3 Scale 2 Scale 1

Elastic Modulus (MPa) 470.0 755.0 1516.0
Surface Energy of Binder (ergs/cm2) 27.4 27.4 27.4
Surface Energy of Aggregate (ergs/cm2) 206.5 206.5 206.5
Fracture Energy of Mastic (ergs/cm2) 223.0 1760.0 11900.0
Interfacial Surface Energy between Mastic-Aggregate (ergs/cm2) 102.6 102.6 102.6
Mastic-to-Mastic Fracture Energy (ergs/cm2) 446.0 3520.0 23800.0
Mastic-to-Binder Fracture Energy (ergs/cm2) 326.0 1862.0 11980.0

scale until the fracture energy of scale 1 mastic is obtained. Table 1 lists the mechanical properties
of each scale obtained using the process described above. Note that the interfacial surface energy
between mastic and aggregate is assumed to be the same as the interfacial surface energy between
the binder and aggregate, which is determined by the Lifshitz–van der Waals component and the
Acid-Base component of the surface energies of both aggregate and binder (Cheng et al. 2002).

Since the goal of the largest scale analysis is to predict the load-deflection response, and not
further up-scaling, it is important to incorporate the effect of binder viscoelasticity at this stage
(scale 1). The viscoelastic stiffness of the binder is obtained from the up-scaled elastic modulus,
based on the simple observation that, since the aggregate particles are rigid, the time-dependency
of the mixture will be the same as the time-dependency of the binder. Thus, the relaxation modulus
of scale 1 mastic is obtained by multiplying the binder relaxation modulus by the factor 7.25
(=1516/209), which is the ratio of the elastic modulus of scale 1 mastic to that of the binder. The
resulting relaxation modulus and fracture energy of scale 1 mastic, obtained from the last column
of Table 1, are utilized to obtain the load-deflection curves at the three strain rates of interest.
Figure 5 compares the predicted and measured load-deflection curves.

Clearly, the comparison in Figure 5 is far from satisfactory. Focusing first on the stiffness
prediction, note that the prediction is fairly accurate for the fastest strain rate, but unsatisfactory
for slower rates. This leads to the belief that the film thickness may have a different effect on the
stiffness at different rates. Similarly, the failure load of the lattice simulation is higher than the
experimentally observed values. Since the failure criterion is based solely on the fracture energies,
the input fracture energies may also need to be corrected. In fact, fromTable 1, note that the effective
fracture energy could be significantly different at different scales, which implies that special care
needs to be exercised in using this quantity. Another possibly important factor that has not been
considered heretofore is the air void content. Careful investigation of these three phenomena is
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Figure 5. Lattice simulations versus experimental strain-stress curves.

necessary before the proposed technique can be used with confidence. The rest of the section
attempts to verify the hypothesis, through calibration, that the proper treatment of thin-film effects
and the scale-dependency of fracture energy can lead to accurate predictions.

Thin-film effects: The main idea behind the proposed approach is based on the observation that
the time-dependent behavior of asphalt concrete differs from that of the binder. Yet, based on the
linear viscoelastic behavior of the binder and infinite rigidity of the aggregate particles, the time-
dependence of the binder and the mixture must be the same. It is hypothesized that this difference is
because of the complex behavior of asphalt in thin films which leads to altered time-dependency in
the deformation of the binder. This complex behavior needs careful investigation and is a subject for
future study. This paper, however, attempts to back-calculate the binder modulus from the mixture
modulus. This is performed by simply scaling the mixture modulus so that the back-calculated
and the input binder moduli match at the fastest rate (because the elastic modulus is assumed to
be accurate). The comparison between the back-calculated and the original relaxation moduli is
given in Figure 4. When this back-calculated relaxation modulus is used in the lattice modeling
the initial portion of the load-deflection curves match with the experimentally observed curves
(Fig. 6(a)). However, the strength predictions are still not accurate; this may be attributed to the
lack of air-voids in the model and/or scale dependency of fracture energy. In this effort, we focus
on scale-dependency of fracture energy.

Scale-dependency of fracture energy: Noting that fracture energy can vary significantly with
the scale of observation, a significant error could occur in the input fracture energy. Again, the
proper use of measured fracture energy requires careful and fundamental investigations related
to the scale-dependency of fracture energy; such investigation is left for future work. This study
attempts to scale the fracture energy to match the experimental results – it is important to note
that, if this hypothesis is correct, the scaling factor should not depend on the rate of loading, but
only on the scale of the fracture energy tests. The fracture energies are measured by examining
the cohesion on a 20 mm × 10 mm × 1.6 mm plate, which is at a much larger scale than the length
scale associated with scale 4 analysis. Noting that the fracture energy increases with the observation
scale, the experimentally measured fracture energy must be scaled by a factor less than unity to
obtain the scale 4 fracture energy. Based on a trial-and-error procedure, it is determined that a
factor of 1/7 works best. Figure 6(b) contains the load-deflection curves obtained when the fracture
energies are scaled by 1/7; clearly, a very good match is seen between the predicted and measured
load-deflection curves. It should be cautioned, however, that this scaling factor is not universal and
depends on the exact way the fracture energy is measured.
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Figure 6. (a) Lattice simulation by back-calculated binder relaxation modulus; (b) Lattice simulation by
back-calculated binder relaxation modulus and adjusted fracture energy.

5 CONCLUSIONS AND RECOMMENDATIONS FOR FUTURE RESEARCH

In this paper, a virtual testing procedure for the characterization of cracking in HMA is presented. Its
two major components, a virtual fabrication technique and numerical lattice modeling tool coupled
with a fracture energy-based failure criterion, are systematically developed and tested. Due to the
disparate scale lengths associated with microcracking and specimen size, virtual testing demands
an unrealistic computational cost for modeling even laboratory-scale HMA specimens. In order to
make the procedure more practical, a multiscale approach is implemented to consider the effect of
different-sized aggregates at different scale lengths. Such an approach reduces the computational
cost significantly, while capturing the mechanical phenomena at various scale lengths.

The predictive capability of the resulting multiscale virtual testing procedure is evaluated by
simulating the uniaxial tension test. Based on a comparison of load-deflection curves, it appears
that two important phenomena need to be carefully studied: the stiffening of the binder in thin-films
due to the complex behavior of asphalt and the scale dependency of fracture energy.

Other areas needing further research include the modeling of the air voids and viscoelastic
fracture. While a systematic calibration is successful in matching the simulated and experimental
results, the authors feel that it is important to study these physical phenomena carefully before
placing confidence in such calibration. Nevertheless, the proposed procedure shows promise in
realistic virtual testing for the cracking performance of asphalt concrete.
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ABSTRACT: Impact events occur in a wide variety of circumstances, from everyday occurrence
as the striking of a nail with a hammer, to the protection of spacecraft against meteoroid impact. In
the present paper, we restricted our attention on a small scale event of the problem, which namely
is the impact on heterogeneous materials, as the runway pavement, during an aircraft landing. We
propose a theoretical model based on shock wave-induced phase transformations after the impact
due to the landing of the aircraft, considering the contact phenomena produced by the impact. We
investigated a small scale model of the fragmentation phenomena which simulates the concrete
asphalt behavior at macro scale. This phenomenon is strictly linked with material degradation
associated with damage evolution. The problem is developed by energetic approach on an elasto-
plastic element by utilizing the functional energy containing two contributions, bulk and surface.
The model simulates the behavior of flexible runway pavements during the landing phase.

1 INTRODUCTION

In recent years several studies analyse the behaviour of flexible pavements developing three-
dimensional (3D) finite element models [1][2] that are capable of accurately determining stresses
in flexible pavements caused by aircraft with multiple-wheel landing gear configurations.

Flexible pavements can often be idealized as closed system consisting of several linear elastic
layers, with each layer both uniform in thickness and infinite in horizontal extent. This layered
elastic approach to pavement modeling is no longer acceptable in pavement analysis and the need
for consideration of non-linear material behavior becomes increasingly important (Sukumaran et al.
[3]). The stress state dependency of granular materials, and strain based sub-grade soil models must
be considered for an accurate estimation of true pavement response (Nazarian and Boddspati [4]).
However, many methods for the analysis of pavements employ the liner elastic theory as a first
approximation for the evaluation of the materials response.

The model used in the study conducted by Zaghloul and White [5] incorporated an elasto-plastic
model for the base, sub-base and sub-grade and a visco-elastic model for the asphalt layer. Zaghloul
and White researched the ability of three-dimensional dynamic finite element programs to predict
the response of pavement structures under moving loads. In their study, the granular material was
modeled using the Drucker-Prager model.

This assigns elastic properties to materials at low stress levels and plastic properties when the
stress level reaches the yield stress. The clay sub-grade was modeled using the Cam-Clay model. The
validation of their model was accomplished by testing the model’s ability to predict deformations
under static and dynamic load conditions. The final results show that their model was capable of
simulating truckloads and realistic deformation predictions were obtained.

This paper covers the theoretical study of the problem, the development and the implementation
of a three-dimensional finite element model for flexible pavements; in particular the paper is
organized as follows: the second paragraph illustrates the theoretical aspects of pavements behavior
in the runway during the landing phase. Particularly, we focused our attention on the physics of
the impact since the phenomenon is characterized by an abrupt change in the values of the system
variables, most commonly discontinuities in the stress and strain. Other effects directly related to the
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phenomenon are those of vibration propagation through the solid, local elastic/plastic deformations
at the contact zone and frictional energy dissipation.

The third paragraph covers the development of a preliminary numerical model and describes the
various components that are included in the final model.

The fourth paragraph describes the gear characteristics of the considered aircraft (B737), the land-
ing load conditions and shows the results of the FEA simulation. In the fifth paragraph we discuss
the micro-macro transition scale, formulating the RVE (representative volume element) concept
and putting a possible modelization of the RVE asphalt concrete. In the RVE model hypothesis we
formulate the equilibrium conditions and joint it to the fracture phenomenon as well as generative
of the asphalt mixture fragmentation.

2 THE MACRO-SCALE CLASSICAL APPROACH

When we restrict attention on macro-scale then continuum hypothesis can be used and so a regular
multi-layer plane solid can be considered. For this model type, when one layer is considered, a
classical reference is Timoshenko & Woinowsky-Krieger [6] theory.

We assume that the intensity of the reaction of the sub-grade is proportional to the displacement
of the solid plane.

This intensity is then given by the expression kw where the constant k is called modulus of the
sub-grade and its value depends largely on the properties of the sub-grade.

2.1 Plane solids on elastic medium

When a rectangular sub-part is considered, we schematize a plate resting on elastic sub-grade. In
accordance with the classical assumption the differential equation written in rectangular coordinates
becomes

with q acting load and D the plate stiffness. Assuming the boundary conditions type with the
Cartesian reference system (x, y) of the form

the displacements field can be taken in the series form

The first series on the right hand side is a particular solution of the equation (1) while the second
series is solution of the associate homogeneous equation. Now let us consider a plate, which rests
on an elastic sub-grade, loaded at equidistant point along one reference axis (example x-axis). Then
a possible solution as the form

where the first term represents the displacement field of an infinitely long strip of unit width
parallel to the y-axis loaded at y = 0 by the load P/a. After the constants calculation we have the
final form for the displacement field
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2.2 Plate undergoing carrying loads

Let us consider an infinite plate resting on elastic sub-grade and carrying equidistant and equal
loads, each load being distributed uniformly over a prescribed rectangular area (u × v).

A possible treatment of this case can be regarded by means of a simple series of Westergaard’s
solution, however other simple adequate solutions can be sided by means the double series of the
Navier’s method.

Representing the lateral load due to the columns in form of a cosine series, the intensity of the
given load P, is put as P/uv on the inside of the rectangular area, we obtain the final results as the
form

If we perform an energetic approach, taking a circular portion of radius a, the strain deformation
energy of the plate as the form (A and B are constants to be determined from the boundary condition,
assuming that the stable equilibrium appears as consequence of the energy minimum)

while the strain energy of the sub-grade is

The total functional energy, when the load is applied in the center, takes the final form as

Consequently the variational problem can be formulated as min ET, respecting boundary
conditions and then finding the stress and strain fields at macroscale.

A closed form solution for standard variational approach presents computational difficulty, then
a numerical solution can be carried out by finite element approach, as shown in the third paragraph.

2.3 Plate under load impact

This aspect can be regarded as the realistic situation of the question. For the general aspect to the
solid impact problem we follow Goldsmith [7] and Jones [8].

This approach implies that the transverse dimension of the plate is small compared to its lateral
dimensions.

Let uc be the displacement of the plate at the impact point (c) due to concentrated force F(t),
then in the load density surface case W (x, y, t) the differential relationship becomes

If a solution of (10) is sought in the form of the normal harmonic of vibration, or shock wave, a
simple integral expression may be obtained and the displacement field, under impact is given by

We can observe that over classical solutions of stress and strain fields, an other aspect of the
material response appears, namely induced vibration and consequently travelling shock wave, such
that stress and strain fields are increasing.
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Figure 1. Pavement section.

Figure 2. Finite element mesh.

3 FINITE ELEMENT MODEL

Flexible pavements can often be idealized as closed systems consisting of several layers; so it was
decided to model the surface, base, sub-base and sub-grade material using three-dimensional finite
elements. The pavement section is comprised of asphalt concrete and crushed aggregate, as shown
in Figure 1.

The finite element mesh developed has the following dimensions: 15 m in x and y directions and
3 m in the z-direction (Figure 2). The degree of mesh refinement is the most important factor in esti-
mating an accurate stress field in the pavement: the finest mesh is required near the loads to capture
the stress and strain gradients. The mesh presented has 18331 nodes and 13564 elements (brick8).

3.1 Material models for the finite element analyses

The pavement materials are divided in three groups: asphalt mixtures, granular materials and
cohesive soils.

Asphalt mixtures were modelled as visco-elastic materials, in particular to characterize the
permanent deformation properties of the asphalt mixtures can be used the creep model:

where ˙̄εcr is the equivalent creep rate; σ̄cr is the equivalent Mises stress; t is the total creep time;
and A, m, and n are material parameters (NX Nastran [9]). Granular material (sub-base) was
modelled using a von-Mises model. The sub-grade layer was modelled using the Mohr-Coulomb
material model. This is an elasto-plastic model in which granular materials are assumed to behave
as elastic materials for low stress levels. When the stress level reaches a certain yield stress, the
material will start to behave as a plastic material. The yield surface is specified using a friction
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Table 1. Estimated temperatures of the three considered seasons.

Season Summer Spring-autumn Winter

Temperature [◦C] 40 20 5

Table 2. Material properties for the asphalt mixtures used in the 3D
FEM model (t = 20◦C).

Material Surface Base

Thickness [mm] 100 200
E [MPa] 2490 4000
µ 0.35 0.30
Damping coeff. [%] 5 5

Table 3. Material properties for the sub-base and sub-grade layers used
in the 3D FEM model.

Material Sub-base Sub-grade

Thickness [mm] 450 >2000
E [MPa] 350 100
µ 0.40 0.45
Angle of internal friction [◦] 45 10
Cohesion [MPa] 0 0.08
Yield stress [MPa] 0.55 0.12
Damping coefficient [%] 5 5

Table 4. B737/200 characteristics (VNG = maximum vertical nose gear ground load at most forward center
of gravity – VMG = maximum vertical main gear ground load at most aft center of gravity – H = maximum
horizontal ground load from braking).

H horizontal load [N]
Maximum design Main gear tire VMG vertical
taxi weight [N] pressure [MPa] load [N] Steady braking Instantaneous braking

462619 1.007 213520 71611 170812

angle (Sukumaran et al. [3]). When the temperatures of the pavement were estimated Table 1, we
calculated the modulus and the Poisson coefficient of asphalt mixtures in the three climate seasons:
summer, spring-autumn and winter [10].

The material properties used in the analysis are given in Tables 2 and 3.

4 MODEL ANALYSIS

In the proposed model we consider an aircraft for civil aviation: B737-200 with the characteristics
shown in the following [11]:

The most common way of applying wheel loads in a finite element analysis is to apply pressure
loads to a circular or rectangular equivalent contact area with uniform tire pressure (Huang [12]).
The loads (vertical and horizontal – Table 4) were applied to the element, which was created to be
the same size as the wheel imprint of a B737 (Figure 3).
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MODEL 737-200

Figure 3. B-737 layout.

 

VM

H

Figure 4. Pavement loads.

Figure 5. Solid stress and deflection (winter – spring/autumn – summer).

Figure 6. Solid stress and longitudinal deflection (winter).

Since the boundary conditions have a significant influence in predicting the response of the
model, the model was constrained at the bottom and on the sides.

The results of the non-linear FE analysis [9] are illustrated in the following figures; in particular,
Figure 5 shows, for the three considered seasons, the predicted layers deflection along transverse
center line of the two contact areas.

Figure 6 presents the results of pavement surface deflection along longitudinal direction in winter
season.
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Figure 7. Surface deflection profiles along longitudinal and transverse directions.

The same results are plotted in Figure 7, where the pavement deflection profiles along the x and
y axes are illustrated.

The two graphs are shown with the same y axis scale to facilitate visual comparison of deflection
magnitude in the different seasons.

5 THE MICROSCALE APPROACH

In this paragraph is presented the link among microscale effects and material behaviors at
macroscale. Particularly our attention is focalized on the micromechanics of the damage processes
because; the non linear response of typical engineering materials is almost entirely dependent
on the primary change in the concentration, distribution, orientation and defects in its structural
composition.

According with Krajcinovic and Lemaitre [13], this particular study will be restricted to micro-
cracks being only one of the many classes of micro-defects influencing the mechanical macro
response.

The relation between the continuum damage mechanics and the fracture mechanics is of more
insidious nature is, in essence, a question of scale. The important role of scale can be clarified by
the discussion of the energies needed to propagate crack in an elastic solid. Then, a crack nucleated
in an elastic solid could be stopped only if the level of the external load is increased ever so slightly.

Back to the general aspects, we will specify that all analytical models used in engineering describe
the events either in micro or macro scale. In view of the simplicity of the continuum theories and the
physical foundation of micromechanical models, a promising strategy would consist of combining
the best features of both models. In this approach we consider only the first layer of the pavement
package because, at micro-scale, damage distribution at the edge of the body, where surface
degradation is of importance, is expected to be significantly different from the damage distribution
far from the edge in the body. According with Frantziskonis [14] we consider that damage at the edge
due to surface effects is additive to the damage accumulation as if no surface effects were present.

5.1 Homogenization

We follow the volume element theory RVE, and so it’s possible to represent a non homogeneous
solid with periodic microstructure. Particularly in the transition toward the micro-scale our RVE can
be represented by more granular elements joint by means of an asphalt mixture, so considerations
are applied on the contact area among two granular elements.

According to classical scale effects models, the equivalent deformation conditions are given
by the link among engineering deformation gradient and deformation gradient at micro-scale.
Choosing an appropriate RVE for a given irregular mixture, we assume a solid with spatial periodic
microstructure.

Thus, consider a RVE with given microstructure and a corresponding RVE* of the homoge-
nized body under equivalent deformation conditions. Both volume elements are assumed to be
mechanically equivalent on the macroscopic level, when the stored energy is equal.
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Figure 8. RVE homogenization.

5.2 Modeling the micro-scale behaviors

Besides the constitutive parameters a solid has a surface energy form. This one characterizes the
nature of bounds ensuring the cohesion of the solid through an imaginary plane of unit area where
2φ represents the work needed to cut the microstructure’s internal links.

The first coupled surface energy-elasticity was performed by Griffith in what was the fracture
mechanics birth. Successively (Irwin) has introduced the strain energy released � by means of the
relation � = 2φ. The singularity of stresses near a crack tip was introduced by means of the stress
intensity factor, controlling the intensity of the stress fields in the relation between energy approach
and stress field terms. Now let us schematize the micro model (or RVE) as a Boussinesq problem
with surface energy, namely a classical unilateral problem, and for this we refer to Del Piero and
Maceri [15].

Modeling the physics of impact (landing-gear/ground) by means of a rigid frictionless asymmet-
ric punch, with generic concave profile described by the function f (r), in contact with an elastic
half-space over an area of radius a. Following Sneddon’s solution type we find respectively, the
σz pressure distribution under the punch, the surface displacement uz .In order to determine the
penetration depth, the load P which must be applied is given by

where k = r/a and χ(t) describe the mutual action of micro-forces and give rise to singular tensile
stress and to a displacement continuity at the edge of the contact area. When we consider the flat
punch type, the given relationship in the compressive load case follow

Imposing energy balance among elastic, potential and surface energy (−πa2w, where w
represents the Dupre’s adhesion energy) we find the adherence force PE as
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Using the polar coordinates, the stress tensor for a flat punch with surface energy, namely is

At edge of the contact area displacement field the form similarly as in the fracture mechanics,
namely is

The difference from the corresponding classical expression in fracture mechanics can be, prob-
ably, arising from the hypothesis of frictionless contact which implies a radial displacement under
the impact.

6 A MICROSCALE FEM RESULTS

In this paragraph we model the unilateral contact among granular elements and asphalt mixture
when macro action, with reduced scale effect, is present. Starting with a simplified approach to
determine RVE property, we assume that each constituent material is homogeneous and isotropic.

In according with Cambou [16] and Bardet [17], here we utilize a modified cylinder model as
well as spherical model. Particularly, our attention focalized on the RVE considering three distinct
parts, namely granular, asphalt and voids. On this RVE, five different sizes of granular elements
are considered joint with asphalt. Finally, void ratio completes the elementary volume.

The basic hypothesis, in this case, is to consider that the medium may be considered by a periodic
(micro) structure, namely the unit cell and so RVE coincide whit the unit cell. These deterministic
models are able to account exact local information, perhaps shape, dimension and orientation of
the heterogeneous components

To build the micromechanical finite element model we refer to Sadd [18], adopting the concept
that the aggregate material is normally much stiffer than the binder, and thus the aggregate is
taken as quasi-rigid. On the other hand, the bituminous mastic is a compliant material with elastic,
inelastic and time-dependent behaviour.

Here we consider an elastic-perfectly plastic joint among two aggregate particles. About the
modelization of this contact, the relationship is activated when traction stress operate on two
aggregate (unilateral restraint). Let us kn an kt , respectively normal and tangential stiffness, �n
and �t the normal and tangential displacement component of the contact, then the value of the,
normal N and tangential T , contact force follow as

The stress-strain evolution analysis is performed by applying Newmark integration scheme and
by Mathematica Code the upper map results (see Figure 9). Finally the transition micro-macro is
formulated by averaging operations, where V is the macro-scale volume in which σij and Eij are
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(a) (b) (c) (d)

Figure 9. (a) RVE-mesh; (b) Pressure stress-max; (c) Temperature stress-max; (d) Von Mises stress and final
deformation.

defined and W (Eij) represent the stored deformation energy functional

7 CONCLUSION

A complete analysis, for a complex problem is proposed starting of the macro-scale with transition
at microscale. Stress-strain fields in elastic and plastic range (phase coexistence) and stress concen-
tration represent the macro-scale results in the complete pavement package, while the transition at
microscale point-out the initial damage. Regarding the external hand of the pavement, the surface
effects roles play a basic aspect in the constitutive degradation of the layer.

The latter should be regarded as the initial process towards the global damage with the other
layer. Consequently, when damage processes grow, the fragmentation states visually appear.

Particularly any aspects of surface damage in flexible pavements can be sided as scale effects
over non homogeneous materials. In fact, the micromechanics of the problem can be utilized for
maintenance models refinement.
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ABSTRACT: Heavy-load vehicles significantly influence pavement distresses and failure. As a
primary variable of pavement design, accurate investigation of damage associated with the impact
of heavy traffics on pavement performance is an important issue and a big challenge that pavement
engineers face. To this end, this study presents a multiscale computational model for predicting
evolution of damage in asphaltic pavements. The model developed herein is based on continuum
mechanics and is expected to increase the ability for predicting damage-dependent behavior and
the service life of pavement systems while minimizing testing effort and producing more accu-
rate simulations than traditional experience-based phenomenological approaches. Global and local
scales are systemically included in the model, represented by a whole pavement structure and a
representative volume element (RVE) of the heterogeneous asphalt concrete mixture in the pave-
ment structure, respectively. With the unique multiscale (global-local) computational analysis it is
possible to take into account the effect of materials heterogeneity and damage-dependent behaviour
of each mixture constituent on overall pavement performance by simply linking the properties of
mixture constituents (local-scale) and pavement structural performance (global-scale). As a pre-
liminary modeling stage, computational results depending on loading conditions are investigated
herein to monitor the impact of vehicular loading conditions on pavement failure and fracture
behavior. It can be concluded that the successfully developed techniques in this paper might be
useful as a predictive tool for selecting better mixture components and for designing pavement
structure with improved performance.

1 INTRODUCTION

Pavement engineers have traditionally relied on empirical methods for the design and analysis of
pavements. However, as illustrated in many studies including a study by Al-Qadi et al. (2005), the
empirical approach has been proven to be limited in its use and somewhat inaccurate and unreliable,
since it only works for a certain set of loading conditions, materials, and pavement structures. To
overcome limitations found from the empirical approach, the new pavement design guide (so-
called Mechanistic-Empirical Pavement Design Guide (NCHRP 2004) has been developed. The
new design guide incorporates mechanistic relations in the form of loading time (or frequency)-
dependent viscoelastic dynamic modulus as the primary material property for asphalt concrete
layer, but performance analysis is based on layered elastic theories, and design life of pavements
is determined by incorporating mechanistic pavement responses with empirical transfer functions.

Consequently, it is clear that a realistic characterization of the variables involved in pavement
design is a key to predict pavement distresses and failure and thus a successful design. One of these
variables is damage associated with the impact of heavy traffics on pavement performance. This is
an important issue and a big challenge that pavement engineers face today.

This study presents a multiscale computational model for predicting evolution of damage and
overall performance of asphalt pavements. The model is in its early stage and has been developed
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based on continuum mechanics. The model herein is expected to increase the ability for predicting
damage-dependent behavior and the service life of pavement systems while minimizing mod-
eling effort and producing more mechanics-based simulations than traditional approaches, with
significant savings in experimental costs and time.

2 MULTISCALE MODELING CONCEPTS

Numerous experimental observations have demonstrated that many cracks develop in a solid object
in small scale, and those small scale cracks can coalesce into macrocracks to cause structural
failure. The current state of the art of fracture mechanics cannot yet accurately predict when
multiple cracks in an object will grow, while several attempts (Needleman 1987; Camacho and
Ortiz 1996; Espinosa et al. 1998; Ghosh et al. 2001; Song et al. 2006; Molinari et al. 2007)
have been made to investigate crack initiation/propagation and fragmentation phenomena under
static/dynamic loading in conjunction with cohesive zone modeling approaches. When the cracks
are developed in a widely separated length scale, the concept of multiscaling as shown in Figure 1
can be used. This concept by itself is not new but is based on the necessary condition that the object is
“statistically homogeneous”. This means that spatial variations on stresses and strains of the object
are small compared to the mean stresses and strains. Therefore, the constituents should be several
orders of magnitude smaller than the object itself. By assuming that statistically homogeneity is
present, the smaller scale (or local scale) can be solved independently from the larger scale (or
global scale).

2.1 Local scale modeling

Consider a global scale solid object (length scale lµ+1 in Figure 1) with a region wherein microcracks
are evolving on the local scale (length scale, lµ in Figure 1) representative volume element (RVE).
The RVE is a sample size that is sufficiently large so that the estimation of the effective properties
is independent of the sample size.

Suppose that the local scale RVE can be treated as viscoelastic, so that the following initial
boundary value problem (IBVP) can be posed:

where σ
µ
ij is the Cauchy stress tensor defined on length scale µ (i.e., local scale), ε

µ
ij is the strain

tensor on the length scale µ, uµ
i is the displacement vector on the length scale µ, xµ

i is the coordinate
location in the object on the length scale µ, which has interior V µ and boundary ∂V µ

E . Note that
inertial effects and body force have been neglected, and the linearized form of the strain tensor has
been taken for simplicity.

The equation (4) implies that the entire history of strain at any point in the local scale body is
mapped into the current stress, which is the definition of a viscoelastic material model. Equations
(1) through (4) must apply in the body, together with appropriate initial and boundary conditions.
These are then adjoined with a fracture criterion that is capable of predicting the growth of new or
existing microcracks anywhere in the body.

There are multiple possibilities to represent the growth of new or existing microcracks, and one
of the first approaches is by Griffith (1920), where he proposed that a crack in an elastic body
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Figure 1. Two scale problem with cracks on both length scales.

would extend whenever the energy released per unit area of crack created exceeded the critical
energy release rate. However, this criterion is often found to be inaccurate for viscoelastic media.
For this reason, a different approach using a viscoelastic cohesive zone model (Allen and Searcy
2001) is taken herein for simulating crack growth. This model has been shown to be consistent with
advanced fracture mechanics, in that the cohesive zone requires a non-stationary critical energy
release rate in order for a crack to propagate (Costanzo and Allen 1993, 1996).

The traction-displacement relationship for a nonlinear viscoelastic cohesive zone can be written
as follows (Allen and Searcy 2001):

where T µ
i = cohesive zone traction (local scale), uµ

i = cohesive zone displacement (local
scale), λµ = normalized cohesive zone displacement (local scale), δ

µ
i = cohesive zone material

length parameter (local scale), αµ(t) = cohesive zone damage evolution function (local scale),
Cµ(t) = cohesive zone viscoelastic relaxation modulus, ∂V µ

I = internal boundary representing
cracks, and i = n (normal direction), r (radial direction), or s (tangential direction). It can be
seen that when the damage evolution function, αµ(t) goes to unity, the cohesive zone traction in
equation (5) becomes zero, thereby inducing crack propagation.

The damage evolution function can be determined by performing fracture tests as presented in
several studies (Williams 2001; Freitas 2007). The measured damage characteristics can then be
incorporated into an equation containing damage evolution parameters (α1 and m) such as,

The damage evolution is a simple form of power relationship as a function of the λµ(t); thus, it
is appropriate for simulating rate-dependent damage growth which is typical in viscoelastic bodies
such as asphalt mixtures.

601



Recently, the cohesive zone modeling approach, as implemented and demonstrated in several
studies (Souza et al. 2004; Kim and Buttlar 2005; Kim et al. 2005), has been receiving increasing
attention from the asphalt pavement mechanics community; this is because it is useful and powerful,
in particular for modeling both brittle and ductile fracture, which is frequently observed in asphalt
mixtures due to their wide range of service temperatures and loading rates.

2.2 Homogenization for scale-linking between local and global

Accumulated damage and structural degradation resulting from local scale analysis influence con-
stitutive behavior at the next larger scale (i.e., global scale). The results from the local scale analysis
are homogenized and linked to the global scale problem. The concept of homogenization (Chris-
tensen 1979; Mura 1987; Nemat-Nasser and Hori 1993; Allen and Searcy 2006), replacement
of a heterogeneous medium with a macroscopically equivalent homogeneous one, is applicable
whenever the heterogeneous medium satisfies statistical homogeneity. Homogenization is central
to the idea of multiscaling and is typically through the averaging process of local fields within the
heterogeneous medium. A finally derived form of the homogenized global scale modulus due to
local scale damage effects can be written as:

where Cµ+1
ijkl = averaged global scale modulus, and µ + 1 indicates the next larger length scale, that

is the global scale.

2.3 Global scale modeling

Upon completing the homogenization process at the local scale, a global scale initial boundary value
problem can be posed. Similar to the local scale problem, general forms of equations at global scale
can be established. In the absence of body forces, inertial effects, and large deformations again for
simplicity, the equations at global scale can be written as follows:

where σ
µ+1
ij = stress tensor (global scale), ε

µ+1
ij = strain tensor (global scale), uµ+1

i = displacement

vector (global scale), xµ+1
i = spatial coordinates (global scale), V µ+1 = volume of the global scale

object, and ∂V µ+1
E = external boundary of the global scale object.

It is apparent that global scale equations (8)–(11) correspond to local scale equations (1)–(4), so
that a similar algorithm may be utilized for the analysis on both scales. The significant difference
is that the introduction of cracks (or damage) at the local scale results in a more complex and
inherently nonlinear formulation of the constitutive equations at the global scale. A more detailed
description of the homogenization process, modeling of each scale, and their linking can be given
by other literature (Yoon and Allen 1999; Allen and Searcy 2001; Allen and Soares 2007).
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Figure 2. Flowchart showing multiscale computational algorithm.

2.4 Formation of a multiscale algorithm

The approach detailed above may be used to develop a multiscale computational algorithm (such
as the finite element method) for obtaining approximate solutions to problems containing multiple
cracks growing simultaneously on widely differing length scales. This is accomplished by con-
structing a time stepping process in which the global solution is first obtained for a small time step,
as shown in Figure 2. The global solution for this time step is then utilized to obtain solutions for
integration points at the local scale RVE, using the state variables obtained as output from the global
analysis to obtain the solution at the local scale. During this process, nodal forces resulting from
the global scale finite element analysis are applied to the local RVE as boundary conditions. The
results for each integration point are then homogenized to produce the global constitutive equations
to be used on the next time step at the global scale. Sufficient accuracy can usually be obtained by
this method if successively smaller time steps are employed until convergence is obtained.

3 MULTISCALE MODELING OF ASPHALT PAVEMENTS

In this section, an example problem is presented in order to demonstrate the technique of multi-
scaling with damage applied to asphaltic pavements. The results obtained from this study are not
yet complete, but they provide an overall idea with the purpose of comparing damage–dependent
performance of asphaltic pavements in different loading configurations.

Consider a typical two-lane asphaltic roadway as shown in Figure 3. All layers are modeled as
isotropic elastic media. The global and local scale objects are discretized and the finite element
meshes are constructed as shown in Figure 3. The multiscale modeling should be applied to all
global scale elements for the best results, however only four global scale elements located under
the tire load have been chosen for this particular study to reduce considerable computing time but
still to demonstrate how this modeling approach is accomplished.

For the local scale, both asphalt phase and aggregates are modeled as linear elastic, however frac-
ture in the form of discrete cracks is introduced at the local scale by including viscoelastic cohesive
zone elements. Each cohesive zone element is incorporated with the damage evolution function
(α(t) in equation (5)) to predict the evolution of new boundary surfaces (i.e., cracks). Cohesive
zone elements are located within the asphalt phase and along the interfaces between aggregates and
asphalt phase. Tables 1 and 2 present global and local scale material properties as model inputs.
Again, the properties used for this study are arbitrarily assumed for simulation purposes only, even
if they can be directly measured by performing constitutive tests (Kim et al. 2005, 2007)

For the multiscale analysis, we seek the response of a load applied by a truck on the pavement. The
response is considered in the form of damage caused by two different types of tire configurations:
the conventional dual tires (two 29.5-cm tires in dual mode) and the wide-base single tire (44.5-cm
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Figure 3. Global and local scale objects and their finite element meshes.

Table 1. Material properties for global scale.

Elastic properties

Pavement layer Young’s modulus (MPa) Poisson’s ratio

Asphalt Surface 2047 0.40
Base 1200 0.35
Subbase 800 0.35
Subgrade 200 0.35

Table 2. Material properties for local scale.

Local scale elements

Bulk properties Cohesive zone properties

Asphalt Phase E∞ (Pa) 7.69E03
E (Pa) 1.38E06 E1 (Pa) 6.13E04
ν 0.35 η1(Pa-s) 2.72E04
Aggregates ν 0.40
E (Pa) 5.52E10 δn (m) 7.00E−03
ν 0.15 δs (m) 7.00E−03

α1 0.19
m 0.67

wide). The wide-base tires are currently being used to replace a set of dual tires in trucks as depicted
in Figure 4. They are more commonly used in Europe and Canada; however these configurations
are slowly appearing in the U.S. market. This study complements the research done by Soares
(2005), where he proposed a pavement service life comparison by using these two types of tires. In
that study, viscoelasticity was the only form of energy dissipation and damage was not included.

Even if a truck applies a cyclic load to the pavement, a more simplistic load was considered for
this study with the purpose of illustrating the technique, since this multiscale modeling is still in its

604



Figure 4. A truck with dual tires or wide-base single tire configuration and weight distribution.

Figure 5. Local scale trial representative volume elements (TRVEs).

early stage. A tandem axle with a constant load (15,400 kg: 151 kN) was applied to the pavement
surface as shown in Figure 4.

In addition to the different tire configurations, two different trial representative volume elements
(TRVE 1 and TRVE 2 shown in Figure 5) with different aggregate volume fractions were also
considered in this study. Each TRVE is 0.025 m × 0.025 m which is arbitrarily chosen. A study to
find a proper size of the RVE is necessary and currently under accomplishment by the authors.

4 MODELING RESULTS

Figure 6 presents the accumulation of damage (α value) in TRVE 1 subjected to different tire load
configurations (dual tires vs. wide-base tires). It can be seen that the dual tire case performs better
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than the wide-base single tires. This result indicates that a truck with 29.5-cm dual tires gives a
pavement performance life longer than the wide-base tire case.

The effect of mixture constituents’volume fraction in the local scale object (i.e., asphalt concrete
mixture) on overall pavement performance is illustrated in Figure 7. The wide-base tires was equally
applied to the pavement by merely varying TRVEs, and simulation results shown in Figure 7
indicate that volume fraction of mixture constituents play an important role to damage evolution
and consequent pavement performance. As expected, the TRVE 1 was better resistant to damage,
since the volume fraction of aggregates, which are not subjected to damage, in the TRVE 1 was
greater than the volume fraction of aggregates in TRVE 2.

5 CONCLUSIONS

A multiscale approach for modeling asphalt pavements, including the heterogeneity and material
viscoelasticity, described herein, appears to be within reach of the design community. Even though
the model is still in its early stage, it shows a great potential as a promising tool for the next
generation pavement design and analysis.

The multiscale method has been developed for analysis of asphalt pavements that exhibit two
length scales. While the model described can apply to more than two length scales, at this point
it fully works for two scales. This approach has the capability of predicting the evolution of dam-
age in the global scale structure by simply identifying material properties and fracture-damage
characteristics of mixture constituents in the local scale RVE. Furthermore, any arbitrary traffic
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loading conditions can be implemented to pavement structure by applying appropriate boundary
conditions to the finite element analysis of the pavement structure. Despite a great deal of comput-
ing effort expected due to the realistic simulation of mixture heterogeneity and nonlinear-inelastic
damage-dependent material behavior within the entire pavement structure, computational results
of a simple roadway problem presented herein imply that the successfully developed techniques
such as this might be useful as a purely mechanistic predictive tool for selecting better mixture
constituents and for designing pavement structure with improved performance.
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Finite element modeling of fatigue shear tests: Contribution to
pavement lifetime design under traffic loading

F. Bouhas, A. Millien & C. Petit
University of Limoges, GEMH Laboratory, Egletons, France

ABSTRACT: Pavement overlaying is a repair technique mainly used for road network mainte-
nance. Durability of pavement depend strongly on reflective cracking phenomenon. A pavement
structure is submitted to thermal variations and traffic loading. All design methods assume opening
mode and neglect shearing mode when trucks axles are closed to pre-existing cracks. Assuming
an uncoupled approach, we limit ourselves to traffic loading and shear fatigue model is proposed.
With taking into account of a localized degradation scheme, both crack initiation and crack prop-
agation are considered. The damage law proposed is stemming of experimental data. This fatigue
model is integrated in a finite element code (CAST3M). The principal objective of this study is
the development of a model based on an overall resistant cord. The suggested modeling of the
bituminous mixtures behavior above cracks would contribute to improve pavement repair design.
In this way a numerical study has been carried out to quantify the effect of mesh refinement and
loading conditions.

Keywords: shear fatigue, damage, finite element modeling, reflective cracking, pavement.

1 INTRODUCTION

Pavement overlaying is a repair technique usually used for maintenance actions on the road network.
These paper deal with fatigue cracking in asphaltic overlays. Here we propose a damage and cracking
model in overlays for pavement lifetime design. Indeed, traffic loading lead to fatigue cracking in
overlays. These crack initiation are close to transverse crack in damaged old pavement. In a lot
of pavement structures, traffic induce mainly shear loading mode for cracking in new overlays.
Most of current studies for such problems assume opening mode associated to fatigue cracking
test. Opening mode is verified in flexible pavement, shearing mode become important for semi-
rigid and rigid pavements. Shearing effect is also greater for thin overlays. According (Vergne
et al 1989 & De bondt 1999), The traffic loading which is mainly shear stress contribute in the
final phase of propagation, while the thermal effects (in opening mode) act in the initiation phase
of crack. Assuming an uncoupled approach, we limit ourselves in this paper to traffic loading.
Many laboratory tests were developed in order to simulate reflective cracking and to qualify the
efficiency of possible anti reflective crack systems. Fatigue cracking experimental results due
to shear loading can be given with the Mefisto test (Wendling 1997), ETS test (High School of
technology, University of Quebec) (Guissi 2005) and our test developed in GEMH laboratory (Petit
2002). DST test is a Double Shear Test for bituminous material. The experimental results lead to
initiation and crack propagation modeling across asphalt overlays.

The background of the model is a damage localization on a band. A joint finite element has been
developed for that.

The presented work present finite element simulations of reflective cracking in overlays. Two
experimental test have been simulated the ETS test and the DST test for which some experimental
results are available.
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Figure 1. An isoparametric finite element joint.

2 MODELING OF THE SHEARING FATIGUE LOCALIZED ON A BAND

The damage model enable to describe the crack initiation and the crack propagation (Petit 2002).
Assuming a damage localization on a band with low thickness, we can then associate a joint finite
element (fig. 1).

For the element joint, the displacement field W is defined by both components u and v such as:

where t and n are respectively the relative displacement vectors.
It does not exist coupling between the normal force and shearing, thus:

The linear behavior of plane isoparametric joint finite elements are defined by Ks and K0.
Kn is very high and constant, and the evolution law Ks = Ks(E) is defined by the experimental

results in previous study (Petit, 2002) such us :

where K0 = the initial stiffness of material not damaged; Ks = the stiffness at considered time;
α = the parameter of the model and will be function of the level of shearing; Etot = the total
deformation energy density (J/m2).

The cyclic shearing fatigue test showed, as in the case of flexion or traction-compression fatigue
tests (De la roche 1996 & Di Benedetto 1997), that in the first loading cycles, the stiffness of the
resistant cord drop quickly then the variation becomes quasi linear.

We thus have took into account this abrupt drop at beginning of the test by introducing a bitumi-
nous concrete shearing stiffness Ks below which the damage is a linear function of the total energy
accumulated per unit of surface. The model considers a micro-cracking appearance for a damage
threshold Dc.

The numerical behavior of finite element modeling was carried out by considering a 2D plane
strain analysis and an elastic linear isotropic behavior of material. The bituminous mixtures vis-
coelastic properties were introduced with taking in to account for the bituminous material of an
elasticity modulus and a shearing stiffness equivalents (Huet 1963) (deducted from the main curves
at temperature and frequency test and\or the obtained experimental results).

Figures 2 and 3 presents the mesh specimen and the limiting conditions.
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Figure 2. Mesh of ETS test.

Figure 3. Mesh of DST test.
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Figure 4. ETS test (Guissi, 2005).

3 PARAMETRIC STUDY: CRITERIA OF CONVERGENCE

The test selected for this analysis is the shearing fatigue test E.T.S used to study the reflective cracks
in the resurfacing systems. It is constituted by two horizontal plates supporting the specimen, one
is mobile in the horizontal plan and the other is mobile in the vertical plan (fig. 4).

The vertical movement serves for feigning the vehicles passage action on the place of cracks,
and the horizontal movement to feign the thermal effects. For this study only the tests under vertical
alternate load reproducing the mode II were retained.
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This parametric analysis was carried out in two stages in order to analyze the necessary criteria
of convergence:

– A spatial discretization to determine the joints finite element size or the number of elements
constituting the resistant cord (fig. 5),

– A temporal discretization to determine the number of the step calculation increments (fig. 6).

The mechanical properties of the materials constituting the specimen for the E.T.S test are
summarized in the following table 1.

The initial shearing stiffness influence of the resistant cord was studied. For the presented
calculations, it is fixed at 130 MPa/mm, value resulting from experimental results of (Laveissiere
2002). The damage threshold taken into account for the passage between damage and macro-
cracking is conventionally fixed at a reduction of 50% of the initial stiffness (Doan 1977).

Figure 5. Influence of spatial discretization.

Figure 6. Influence of time discretization.

Table 1. Material properties.

Material E (MPa) υ

Bituminous mixture 5900 0.35
Concrete 39000 0.30
Steel 210000 0.30
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The applied load corresponds to an imposed vertical displacement of 0.020 mm (Fig. 2), applied
to one of the mobile plates in the vertical direction (Guissi 2005). This model considers at the
first cycles, l0% of shearing stiffness initial fall, then the damage is a linear function of the total
cumulated energy per unity of surface.

We carried out the numerical simulation by considering that specimen resistant cord is constituted
of n joint elements with identical dimensions. At considered threshold damage, the joint’s stiffness
is cancelled and the joint element becomes a crack.

The load applied to specimen bottom induce a stresses concentration at point of crack and during
the calculation, the crack propagates then from down to top.

The number of cycles at specimen’s failure depends strongly of the joint elements size (Fig. 5).
More the number of elements increases (their size decreases), more the number of cycles at failure
decreases, until the number nmin = 20 elements from which the number of cycles at the failure is
almost constant. This allows us to conclude that the convergence criterion is verified if the joint
elements size does not exceed 5% of the cord height.

Figure 6 shows us the influence of the time step on the number of cycles at failure. More the
number of time steps increases, more the number of cycles at failure decrease. In the same way
we can say that the convergence is reached starting 300 time steps (checking carried out for joints
elements that the size does not exceed 5% of the cord height).

Tests are at present in progress at Montreal High School of Technology. A validation is necessary
at the reception of the results.

4 EXPERIMENTAL VALIDATION

For validation, we compared the model results with those of the cyclic shearing tests on notched
specimens, of CS modified type (Compact Shearing). The experimental device is that of the Civil
engineering laboratory of University of Limoges (fig. 7 and fig. 8). The side supports are embedded
and the central part is maintained in a rigid frame interdependent of the electromechanical testing
machine mobile axis. The symmetry of the specimen induces us to choice an cyclic and symmetric
shearing load.

The specimen geometry is given on figure 7.
Testing conditions are a constant temperature T = 5◦C and a loading frequency f = 1 Hz. The

bituminous concrete is a French standard semicoarse bituminous concrete 0/10, with 5.8% of 35–50
pen grade bitumen by weight of aggregate.

The convergence criteria previously validated were verified on specimen used for this test.
The results comparison is carried out with the results obtained on two specimens subjected to

1.25 MPa of average shearing stress level in the cord. The damage intervenes quickly in first joints
on both sides of the specimen. A shear stresses redistribution is followed from there on all the cord
height through each joint elements. The cracking propagates from both edges to finish at central
part by successive and symmetric joints failure.

Figure 7. Schematic view of the modified shearing test and the specimen geometry.
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Figure 8. Diagram of experimental device.

Figure 9. Evolution of crack length.

The results obtained from our model concern in particular the duration of the crack initiation
phase and the propagation modeling.

As showed on the Figure 9, the numerical results obtained for these parameters are close to the
experimental observations.

The mechanical response (force) is represented on Figure 10. During the starting phase of cracks,
the force amplitudes decrease weakly as the damage progresses. From 150000 cycles the force falls
sharply according to crack propagation . The calculated forces with the model are in adequacy with
measurements.

5 CONCLUSION

The suggested modeling of the bituminous mixtures behavior at the place of cracks is based on
an overall resistant cord degradation. The presented numerical tool is from a simplified approach
allowing the pavement overlay design. The parametric analysis lead to give some numerical param-
eters in order to define both main numerical parameters (size of the joint finite elements and the
time step).
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Figure 10. Evolution of vertical force.

The numerical results of simulations are interesting and allows to represent the initiation and
propagation phases of crack. The numerical simulations results are rather close to experiment
results about the initiation and propagation phases.
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Shift factor model evaluations using tested data from PMA at
low temperatures and data reduction methods for IDT and
HT-BBR testing

B.-Q. Bai
Camosun College, Victoria, British Columbia, Canada

ABSTRACT: Using the data tested from polymer modified asphalt (PMA) binders and mixes at
low temperatures, this paper evaluates three different models describing the relationship between
the shift factor and temperature (log aT vs. T), which include the WLF equation, the Arrhenius
Function, and the linear model. The testing methods are the Bending Beam Rheometer test using
Hyper Terminal control (HT-BBR) for the binders and the indirect tensile test (IDT) for the mixes.
SBS with concentrations of 2, 4, and 6% and EVA with 2 and 4% are used for the polymer
modification. The HT-BBR can be used to extend the testing capacity of the standard Bending
Beam Rheometer (BBR) based on AASHTO TP1.

This paper also describes the data reduction procedures for the HT-BBR and the IDT from the
raw data acquisition to the plotting of creep stiffness master curves at low temperatures. Currently,
among the researchers in this area, there is no generally agreed software available for the data
reduction of both testing procedures.

1 INTRODUCTION

1.1 Stiffness master curve and time–temperature superposition

In thermal cracking prediction of asphalt pavement, a wide range of loading time from a split second
to many hours is involved, which is out of the ordinary lab testing capacity or convenience. However,
under the assumption that asphalt is thermo-rheologically simple linear viscoelastic material, time-
temperature superposition technique can be used. The creep tests are usually carried out under a
wide range of temperatures. With respect to a reference temperature (Tref ), the test results at lower
temperatures are equivalent to those at the Tref but with shorter loading times, and vice versa. In
this way, a master curve of stiffness modulus can be built covering a wide range of loading time
regarding the Tref .

At very low temperature and/or at very short loading time, the stiffness approaches an elastic
limit. On the other hand, at very high temperature and/or at very long loading time, the asphalt
material behaves as a Newtonian fluid, which means that the master curve of log stiffness versus
log loading time approaches a straight line with a slope of “−1”.

Two well-known functions were developed for the relationship of log aT vs. T. One is theArrhenius
function (AF) [1] that can be expressed as

where
log aT = time temperature shift factor;
a1 =Arrhenius constant,
T and TRef = the temperature and the reference temperature.
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The other is the William-Landel-Ferry equation (WLF) [2].

where C1 and C2 are empirically determined constants.
At low temperatures, WLF and AF may not hold valid. Thus, some researchers [3] [4] used a

linear relationship, log aT = b (T −TRef ). This paper tries to evaluate the three models, using the
data tested from both conventional and PMA binders and mixes at low temperatures.

1.2 Data reduction for HT-BBR and IDT testing

The standard Bending Beam Rheometer (BBR) used in this study, based on AASHTO TP1 [5],
can measure the binder creep stiffness from 8 to 240 seconds (a very short time range). But the
software is not able to produce the stiffness master curves. Furthermore, this equipment has a
maximum deflection of about 5 mm. It aborts the test if the deflection is over this limit, and then all
the data before the limit is also lost. The authors [6] [7] described a HT-BBR procedure to extend
the standard BBR’s capacity using hyper terminal (HT) control for data acquisition. However, a
systematic method is needed to treat the test data.

The IDT creep test data reduction method from some previous researchers [8] [9] were found
various errors [10] and was only applicable for temperatures of 0 to −20◦C. Christensen’s method
[10] used a linear relationship for log aT vs. T also ranged from 0 to −20◦C. Thus, a systematic
data reduction method for IDT test must also be developed. This paper describes the procedures
for the data reduction of both the HT-BBR and the IDT creep testing.

2 RELATIONSHIP OF SHIFT FACTOR VERSUS TEMPERATURE

The fitting results of the three models are presented in Table 1. All the models go through a fixed
point at log aT = 0 while T =TRef . The WLF fitting is based on the following transformation from
Equation (2):

In Equation (3), when T =TRef , the left side of the equation becomes an indeterminate form, 0/0.
In this analysis, the L’Hospital rule is used, i.e.

The values of d(log aT)/dT are directly read as the slopes of the tested curves of log aT vs. T at
T =TRef , from the graphs given in Appendix A. The standard deviation, defined as

is used in Table 1 as the criterion for the model evaluation, where log aTi is the shift factor from the
tests, log aT is that from the models, and N is the number of data.

From Table 1, it is apparent that for the mixes, with the exception for 4%SBS and 6%SBS, the
linear model fits the best since it has the lowest values of “σ”. In most cases, the tested data fit
similarly to WLF and AF. For 4%SBS mix, WLF fits better than AF that, in turn, is better than the
linear model. For 6%SBS mix, the three models are not much different, with AF fitting the best,
and WLF the worst.

For the binders, except for 2%EVA, WLF fits the best, and AF fits better than the linear model.
For 2%EVA mix, AF fits the best, followed by WLF.
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Table 1. Fitting results for the test data.

Fitted parameters Standard deviation σ

Models Binder Mix Binder Mix

Husky 150-200A WLF C1/C2 24.8/131 −5.74/−57.4 0.042 0.836
AF a1 12,000 9,960 0.066 0.837
Linear b −0.187 −0.159 0.140 0.672

Husky 200-300A WLF C1/C2 16.4/94.0 −28.4/−167 0.041 0.599
AF a1 11,100 10,900 0.112 0.505
Linear slope b −0.173 −0.173 0.180 0.379

2% EVA WLF C1/C2 42.7/244 −13.0/−94.3 0.023 0.610
AF a1 11,100 10,400 0.002 0.647
Linear slope b −0.173 −0.165 0.070 0.490

4% EVA WLF C1/C2 68.4/391 602/3,880 0.004 0.111
AF a1 11,200 9,490 0.024 0.189
Linear slope b −0.176 −0.150 0.045 0.074

2% SBS WLF C1/C2 26.3/150 −1,270/−7470 0.022 0.381
AF a1 11,400 9,860 0.050 0.319
Linear b −0.178 −0.156 0.120 0.261

4% SBS WLF C1/C2 30.9/176 9.62/46.9 0.004 0.346
AF a1 11,300 10,200 0.030 0.826
Linear slope b −0.176 −0.158 0.100 1.02

6% SBS WLF C1/C2 5.42/31.0 25.4/156 0.194 0.470
AF a1 11,500 8,250 0.464 0.356
Linear slope b −0.179 −0.129 0.535 0.427

It should be mentioned that the mix testing was conducted under five temperatures, and the
binders were tested only in three temperatures. Therefore, the analysis for the mixes is more
creditable than that for the binders. The properties of the binders are summarized in Appendix B,
and the details of the tests used in this research can be found in references [6] and [7].

3 HT-BBR DATA REDUCTION

The HT-BBR can measure stiffness in “any” time and load ranges, subject to researchers’discretion
based on the specific binder and test temperature. The raw data obtained from the HT-BBR are in
hex-decimals as shown in Figure 1, which is a part of an example of raw data in terms of “bits”. The
first column is the load, the second records the deflection, the third presents the bath temperature,
and the last represents the test status. The HT-BBR still follows the SHRP standard procedure.
From the first “OK”, the test starts with one second loading followed by 30 seconds rest without
loading. The second “OK” starts the real loading. The Hyper Terminal collects the data for every
half second, so one test produces about 3600 sets of data for a half-hour loading time, which is
saved in a text file as shown in Figure 1.

A computer program is created using Visual Basic in Microsoft Excel for the data reduction. It
contains five modules: Module 1 – Input; Module 2 – Calibration of HT-BBR; Module 3 – Creep
Stiffness Calculation for Each Temperature; Module 4 – Generation of Stiffness Isothermal Curves;
Module 5 – Generation of Stiffness Master Curves.

3.1 Module 1 – Input

The primary input data for the data reduction include calibration file names, asphalt binder names,
creep test file names, temperatures and loading times for the creep tests.
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Figure 1. Part of an example of HT-BBR raw data.
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Figure 2. Load Calibration procedure (Husky
200-300A at −20◦C).
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Figure 5. Deflection calibration result (Husky
200-300A at −20◦C).

3.2 Module 2 – Calibration of HT-BBR

The HT-BBR calibration procedure is similar to that in a standard BBR test. But the calibration
data is saved in a text file similar to Figure 1, and the data reduction process is needed for the
calibration results. Module 2 primarily contains the following sub-procedures:

• Open a calibration text file and transform it into an Excel file.
• Transform the hexadecimal to decimal data (in terms of “bits”).
• Calibrate load (in terms of N/bit) and deflection (in terms of mm/bit).
• Plot calibration results (examples from Figure 2 to Figure 5). In Figure 4, the top gage

corresponds to −1 mm; the red gage, 0 mm; the white gage, +2 mm; the blue gage, +5 mm.
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3.3 Module 3 – Calculation of creep stiffness for each temperature

This module primarily contains the following sub-procedures:

• Open a creep test data file and transform it into an Excel file.
• Change hexadecimal to decimal data (in terms of “bits”).
• Change decimal data in bits to data in engineering units: “N” for load and “mm” for deflection

using the calibration results obtained in Module 2.
• Plot deflection vs. loading time (an example in Figure 6).
• Calculate stiffness modulus.

3.4 Module 4 – Generation of stiffness isothermal curves

This module collects the stiffness data from the Module 3 for all temperatures and then plots them
into the isothermal curves as shown in Figure 7.

3.5 Module 5 – Generation of stiffness master curves

Module 5 uses the data from Module 4 and builds the master curves of the stiffness modulus. The
following sub-procedures are created in this module: a) Open a file saved in Module 4; b) Calculate
and plot shift factor log aT vs. temperature; c) Generate and plot a master curve for each binder.

From Section 2, we found that each of the studied models of log aT vs. T has its limitations in
describing the tested relationship. Thus in this paper, a multi-branch linear regression (MBLR) is
used to establish the relationship to more closely represent the testing result. This method assumes
a linear relationship of log aT vs. T within any two successive test temperatures. An example is
given in Figure 8. An example master curve is shown in Figure 9.

4 IDT TEST DATA REDUCTION

The IDT creep test generated 15 text data files per mix in this study for 5 temperatures and 3 parallel
specimens. Five modules were developed for the data reduction: Module 1 – Input; Module 2 – Plot
of Raw Data; Module 3 – Compliance Calculation; Module 4 – Plots of Compliance Isothermal
Curves and log aT vs. T; Module 5 – Generation of Master Curves of Creep Compliance and
Relaxation Modulus.

4.1 Module 1 – Input

The primary input includes raw data file names; binder names used in the mixes; IDT specimen
thickness; temperatures; and loading times.
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Figure 8. Multi-branch linear regression (Husky
200-300A, TRef = −20◦C).
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Figure 11. Multi-branch linear regression (Husky
150-200A, TRef =−30◦C).

4.2 Module 2 – Plot of raw data

This module transforms the raw data in text format into Excel format and plots the raw data for a
preliminary examination. Each data file contains the following measurements: Load (kN), Stroke
(mm), Vertical Deformation (VD) 1 (µm), VD 2 (µm), Horizontal Deformation (HD) 1 (µm), and
HD 2 (µm). Here “1” and “2” represent the two faces of the IDT specimens.

4.3 Module 3 – Compliance calculation

This module calculates the normalized, the average and the trimmed means of deformations, the
Poisson’s ratio (PR), and the creep compliance based on theAASHTO TP9 [11]. Compliance values
were calculated with three considerations of PR: a constant at a time corresponding to one half
(1000 seconds here) of the total loading time [11], varied values as tested, and a constant averaged
through the whole logarithm loading time scale. It is found that the varied PR is more reasonable
than the other two constant PRs. Thus, this study uses the varied PR for the compliance calculation.

4.4 Module 4 – Plot of compliance isothermal curves and shift factors

The isothermal curves of compliance are plotted in this module for each mix. An example is shown
in Figure 10, in which the distances measured along the “log t” scale between the isothermal curves
are also plotted. “log aT vs. T” is then plotted as shown in Figure 11.
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Figure 12. IDT master curves (Husky 150-200A at TRef = −20◦C).

The MBLR method as used for the binders is applied to establish the relationship of log aT vs.
T of the mixes. This means that the graph of log aT vs. T is composed of line segments. Here
TRef = −30◦C because −20◦C was not used in the IDT testing.

4.5 Module 5 – Master curves of compliance and of relaxation modulus

Since the stiffness master curves of the binders were created with TRef = −20◦C, the master curves
(Figure 12) of the IDT compliance and the relaxation modulus of the mixes are also plotted at
TRef = −20◦ for consistence. The relaxation modulus is calculated by the method described by
Hopkins and Hamming [11]. In Figure 12, the stiffness, which is the reciprocal of the compliance,
is also plotted for comparison. We can see that in short loading time region, the relaxation modulus
is almost the same as the stiffness. As the loading time gets longer, the difference increases, but
the stiffness is always larger than the relaxation modulus.

5 CONCLUSIONS

From this study, it is found that for the mixes, with the exception for 4%SBS and 6%SBS, the
linear model has the best fit. For the binders, except for 2%EVA, the WLF equation fits the best.
However, the multi-branch linear regression method can be used to best satisfy the test data. The
developed data reduction methods in this paper can be used to systematically treat test data from
HT-BBR and IDT testing for asphalt binders and mixes.
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APPENDIX A. GRAPHS OF log aT vs. T FOR MIXES (TREF = −30◦C)

The binder’s graphs and all the linear model’s fitting graphs are not provided here due to the limited
number of pages.
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Figure A1. Husky 150-200A Mix.
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Figure A3. 2%EVA Mix.
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Figure A4. 4%EVA Mix.
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Figure A7. 6%SBS Mix.

APPENDIX B. SUMMARY OF THE PROPERTIES OF THE ASPHALT BINDERS

Properties Husky1 150-200A Husky 200-300A 2%EVA(2) 4%EVA

Original Binder
Dynamic shear 1.05@58 1.02@52 1.59@52 1.03@61

(G*/sinδ @ Temp) 1.01@57
(kPa @ ◦C, 10 rad/s) 0.96@58

After RTFO(3)

Dynamic shear 1.94@60 2.47@52 4.22@52 2.08@64
(G*/sinδ @ Temp) 2.18@59 2.31@57 2.43@63
(kPa @ ◦C, 10 rad/s)

After PAV(4)

Temperature (◦C) 100 90 90 100
Dynamic shear 3870@16 2545@13 4794@10 4051@10

(G*/sinδ @ Temp)
(kPa @ ◦C, 10 rad/s)

Creep Stiffness (MPa, 60s) 292 197 265 224 248 228 243
m-Value (60s) 0.32 0.36 0.32 0.34 0.31 0.30 0.30
Temp(◦C) for creep −22 −24 −26 −24 −26 −24 −25
SHRP Grading (MP1) PG 58-28 PG 52-34 PG 52-34 PG 58-34
Actual Grading PG 58-32 PG 52-36 PG 57-36 PG 61-34
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Properties 2%SBS(5) 4%SBS 6%SBS

Original Binder
Dynamic shear 1.2@58 1.71@64 2.04@70

(G*/sinδ @ Temp), 1.08@59 1.05@69 1.03@78
(kPa @ ◦C, 10 rad/s)

After RTFO
Dynamic shear 3.14@58 3.14@64 2.97@70

(G*/sinδ @ Temp) 2.53@60 2.32@67 2.43@72
(kPa @ ◦C, 10 rad/s) 2.18@61

After PAV
Temperature (◦C) 100 100 100
Dynamic shear 3601@13 1360@19 722@25

(G*/sinδ @ Temp)
(kPa @ ◦C, 10 rad/s)

Creep Stiffness (MPa, 60s) 202 258 303 154 244 168 288
m-Value (60s) 0.33 0.33 0.31 0.35 0.32 0.34 0.29
Temp(◦C) for creep −24 −26 −27 −24 −27 −24 −27
SHRP Grading (MP1) PG 58-34 PG 64-34 PG 70-34
Actual Grading PG 59-36 PG 67-37 PG 72-36

(1) “Husky 200-300A” and “Husky 150-200A” are based on the CGSB binder specification.
(2) “2%EVA” = Ethylene Vinyl Acetate, 2% weight concentration over the base binder Husky 200-300A.
(3) SBS = Styrene Butadiene Styrene tri-block copolymer.
(4) RTFO = Rolling Thin Film Oven test.
(5) PAV = Pressure Aging Vessel.

For polymer modification of asphalt (PMA), only Husky 200-300A was used as the base binder.
For the IDT testing, only one asphalt mix design is applied for all the asphalt binders using the same
aggregate type, gradation, and binder content. This mix design was based on the asphalt binder
Husky 150-200A. The details of the testing and research are presented in Reference [7].
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ABSTRACT: Systematic 3-point bend tests were conducted on bitumen and idealised asphalt mix
specimens in order to develop fracture mechanism maps classifying the brittle, ductile and transition
response of the materials as a function of temperature and load rate. Analysis of experimental data
was carried out in terms of the stress intensity factor, KIC , fracture energy, GIC , and J -integral,
JIC . Fracture characterization parameters obtained from this experimental program showed good
agreement with other test data reported in the literature. Three different failure regimes were
identified for both bitumen and asphalt mixtures.

1 INTRODUCTION

Fracture cracking is an important failure mechanism in roads designed for lower traffic volumes.
Cyclic thermal and traffic loads are the principal sources of pavement stress which contribute to
crack formation and crack growth. In order to improve the serviceability and design methods of
pavements, the nature of the process of crack initiation and growth must be better understood.
Therefore, the overall objective of this paper is to investigate the fracture mechanics of bitumen
and asphalt mixes.

Bituminous mixes are used extensively in surface layers of pavements. It is believed that the
loading conditions that contribute to crack initiation and propagation in asphalt pavements are a
combination of repetitive wheel loads and thermal cycling effects. A key barrier to improving the
durability of asphaltic materials used in roads and predicting road lives accurately is the current lack
of fundamental understanding of the micromechanics of crack initiation and growth in asphalts.

In order to understand fatigue cracking of asphalt mixes, a useful first step is to study the fracture
processes in pure bitumen and ‘idealised’asphalt mixes during monotonic loading. Idealised asphalt
mixes contain pure bitumen mixed with carefully controlled distributions of aggregate particle
sizes and shapes. Once the monotonic behaviour has been characterised, understanding the cyclic
(fatigue) behaviour of realistic mixes becomes more tractable.

Genin & Cebon (2000) conducted a series of experiments to characterize the fracture behaviour
of a stressed, confined pre-crack in a layer of bitumen over a range of temperatures. The specimens
were designed to study the crack growing in bitumen that is positioned between two rocks and to
investigate the fracture mechanism in the neighbouring rocks as the crack grows. The confined-
crack specimens were stressed in Mode I by pulling the central piston from the cup-like cylinder,
this type of loading is analogous to that a crack-like flaw would be stressed by the separation
of rocks situated above and below the crack. Confined-crack specimens of 50 pen bitumen were
tested at temperatures ranging from −20◦C to 30◦C under a nominal strain rate of 0.1 sec−1. This
strain rate is representative of the loading rate that asphalt pavement undergoes during service.
Load-line deflection curves were recorded. The researchers found that void coalescence and/or
void growth were the mechanism of failure for specimens tested at high temperatures. However,
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at low temperatures the mechanism of failure was a combination of brittle fracture in the bitumen
and fracture along the interface between the bitumen and the cup-like aluminium cylinder.

Harvey & Cebon (2003; 2005) adapted testing methods commonly used for adhesives to investi-
gate the fracture properties of pure bitumens. They conducted an extensive tensile testing program
on bitumen films to map out the fracture behaviour. The test temperature ranged from −30◦C to
30◦C and nominal strain rates in the range 0.03 to 100 s−1. Two types of specimen configuration that
simulate Mode I cracking in bitumen films were used: double cantilever beam specimens (DCB)
and butt joints. Load-displacement curves were measured. The fracture mechanisms in bitumen
films were summarized in a plot of normalized toughness G/2h (fracture energy per unit volume)
against temperature-compensated strain rate, over 14 decades. Three main regimes of behaviour
were observed: ductile, brittle and transition. In the ductile regime, G/2h was found to have a
power-law dependence on the strain rate, whereas in the brittle regime, G/2h was found to be
independent of strain rate.

Some authors such as Li & Marasteanu (2006), Kim & Hussein (1997) and Sulaiman & Stock
(1995) also reported the change in fracture toughness as temperature changes. For instance, Kim
& Hussein (1997) performed tests on asphalt mixes consisting of an asphalt binder graded with
penetration as 85/100 at temperatures ranging from −5◦C to −30◦C at intervals of 5◦C. They found
that the fracture toughness increased from −5◦C to −15◦C and decreased thereafter. They stated
that the evolution of fracture toughness with temperature was the result of the balance between two
factors: the strengthening grip of the asphalt matrix and the micro damage due to the differential
shrinkages of asphalt matrix and aggregates.

Most of the research found in the literature about fracture of asphaltic materials is concerned with
fracture at low service temperatures, where brittle failure prevails. The aim of this experimental
investigation is to study the fracture behaviour of bitumen and bituminous mixes subjected to a
wide range of temperatures and load rates, and to develop a failure mechanism map to characterize
the response of the materials similar to the failure mechanism map for bitumen films reported by
Harvey & Cebon (2003).

2 FRACTURE CHARACTERIZATION PARAMETERS

Cracking in flexible asphalt pavements has received considerable attention for many years and
fracture mechanics concepts have been introduced to investigate the fracture behaviour. Several
parameters have been proposed for characterizing the fracture behaviour of asphalt materials
(Table 1). These include: the stress intensity factor, K , fracture energy, G, contour integral, J ,
and energy rate line integral, C∗. The range of material behaviours applicability to these fracture
parameters is listed in Table 1.

For the case of a three-point single edge notched bend specimen (SE(B)), see Figure 1, the
stress intensity factor K can be calculated using the relationship derived by Srawley (1976) which
is based on the boundary collocation method and has an accuracy of ±0.5%. This relationship is
also recommended by the ASTM E399 standard (2005). The maximum load on the load-deflection
curve is used to compute the critical stress intensity factor, KIC , as shown in Table 1.

The strain energy release rate, G (or “crack driving force”) is defined as the rate of change
of potential energy with respect to the crack area in a linear elastic material, Irwin (1948). For a
three-point bend specimen, SE(B), the total energy required to fracture the beam is equal to the
area under the load versus load-line deflection response plus the work done by the self-weight of
the beam and by the clip gauge, see Figure 1. The appropriate expression of the specific fracture
energy GIC (fracture energy dived by the projected area of uncracked ligament) is given in Table 1.

Rice (1968) and Begley & Landes (Begley 1972; Landes 1972) showed that the J line integral is
equivalent to the potential energy change with crack growth. Rice et al. (1973) developed a simple
method for estimating J as a function of displacement for a single specimen. Later, Sumpter &
Turner (1976) suggested an alternative method for evaluating J , which requires only one specimen
and one crack length. Table 1 shows the expression to calculate the J-integral for a SE(B) specimen,
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Table 1. Fracture characterization parameters and formulas for the single edge notch SE(B) specimen.

Figure 1. 3-Point bend experimental set up. Specimen dimensions meet the requirements of the ASTM E399
standard (2005).

tested over a span S of 4W and has 0.45 ≤ a/W ≤ 0.65. The potential energy Uc is computed until
the measured peak load in the load-line deflection curve. The standard test procedure, ASTM E813,
recommends that the equation given in Table 1 can be used to calculate the J - values for a SE(B)
configuration.

Landes & Begley (1976), Ohji et al. (1976), and Nikbin et al. (1976) independently suggested
what became known as the path-independent energy rate C∗-integral, to correlate crack growth rate
behaviour for materials undergoing steady-state creep fracture. The parameter estimation methods
used to calculate the J-integral for elastic-plastic bodies can also be extended to define the C∗-
integral from measured P vs. load-line displacement rate curves. Therefore, C∗ can be established
in terms of a power release rate, see Table 1. In this work, crack length was measured as a function
of time, which enables the C*-integral to be evaluated.
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3 EXPERIMENTAL TESTING

3.1 Material specification

Pure Bitumen: A 50 pen pure bitumen (penetration grade: 53 dmm, softening point: 53.5◦C) was
used to prepare the SE(B) specimens.

Bitumen Mix: The same 50 pen bitumen was used for the mix preparation. The mix consisted of
pure bitumen and 64% volume fraction of subspherical sand particles between 150 and 300 µm in
size.

3.2 Specimen preparation

A rectangular mould was manufactured and used to cast and compact the specimens, the mould
was designed to manufacture three point bend specimens with geometric dimensions given by the
ASTM E399 standard test method. A lubricant made of natural soap and glycerine was applied to
the inside surface of the mould to prevent sticking of the asphalt mixture samples, and a Teflon
film was attached on the walls of the mould to prevent the pure bitumen specimen from adhering
to the mould. In addition, the bottom plate of the mould was covered with aluminium foil which
helped to release the specimen from the crack initiator.

For asphalt specimen manufacture, the mix of bitumen and aggregate was heated to melt the
bitumen at a temperature of 160◦C for 45 minutes. The mix was then well stirred and poured into
the mould. A hydraulic press was used to compact the specimen in one layer by single plunger
compression at a pressure of 10 MPa. After the mix was compacted, it was allowed to cool down to
room temperature for 2 hours. The specimen was then slowly pushed out of the mould and stored
in a freezer at subzero temperature, the specimen was kept inside the freezer until it was tested.
Similarly, pure bitumen was melted and poured into the mould. Once the mould was filled with the
right amount of bitumen, it was placed into the freezer to reach subzero temperature for 3 hours.
After that, the specimen was removed from the mould and stored in the freezer. X-Ray pictures were
taken to verify the crack profile of the specimens and their density, see Figure 1. Two aluminium
holders were glued on the surface of the specimen for the purpose of attaching the crack mouth
opening clip gauge.

3.3 Testing procedure

A 3-point bend fixture was designed in order to carry out fracture tests on pure bitumen and
bituminous mixes, see Figure 1. An environmental chamber fitted to the testing machine was used
to control the test temperature. The environmental chamber had a resolution of ± 0.5◦C, and testing
temperatures ranged from −30◦C to room temperature. A 2 kN load cell was used to measure force-
time and force-displacement histories. The specimens were brought to the desired temperature by
keeping them inside the chamber for sufficient time to reach equilibrium prior to the test.

A spring steel chip gauge was manufactured to measure the crack mouth opening displacement of
the 3-point bend specimens, see Figure 1. This novel clip-gauge was designed for measuring large
displacements that are beyond the measurement range of commercial clip gauges. The clip gauge
displayed a linear relationship between the voltage and displacement for a range of temperatures
and over the desire range of crack mouth opening measurements.

Two props were used to support the ends of the specimen when it was placed in the 3-point
bend fixture and they were removed just before the start of the test. This prevented distortion of
the beams as a result of creep due to self-weight. All tests were conducted under axial constant
displacement rate control.

Crack length analysis was conducted by using an optical system. The system comprised an
analogue video camera located outside the environmental chamber which photographed the test
specimen through a window. A flashing LED light signal was used to synchronize the time signals
recorded on the video and the servo-hydraulic testing machine. Care was taken to illuminate the
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surface of the specimen using a photographic light located inside the environmental chamber. A
“frame grabber” adapter converted the analog video signal from the camera to a digital video in a
personal computer. A commercial movie maker program was utilized to extract frames from the test
video, the images were then stored and crack propagation profile and crack length measurements
for each frame were carried out by an image digitization program written in MATLAB. All test data
crack images and pedigree information were stored in a single integrated material data management
system, Portillo et al. (2007).

4 EXPERIMENTAL RESULTS FOR PURE BITUMEN

Fracture 3-point bend tests on pure bitumen specimens were conducted at temperatures ranging
from −30◦C to 0◦C. It was not possible to perform tests at higher temperatures because bitumen
beams exhibited excessive creep deformation due to self-weight. It was found that the fracture
energy GIC of pure bitumen lay in the range of 2–13 J/m2 at a temperature of −20◦C and 5–11 J/m2

at a test temperature of −30◦C, whereas the critical stress intensity factor KIC ranged from 0.01–
0.05 MPa m1/2 at a temperature of −20◦C and 0.02–0.1 MPa m1/2 at −30◦C. These results correlate
well with the Mode I fracture toughness range reported by Genin & Cebon (2000) in the confined
crack configuration test (KIC was found to be 0.02–0.05 MPa m1/2 at a test temperature of −20◦C),
and the toughness range found by Harvey & Cebon (2003) in double cantilever beams and butt
joints (GIC was found to be 5–10 J/m2 at −30◦C). Table 2 summarizes these results. It should be
pointed out that different specimen test configurations (3-point bend, double cantilever beam and
confined-crack specimens) give equivalent values of KIC and GIC .

Crack arrest was observed in some bitumen specimens, Figure 2a shows a typical force-
displacement curve exhibiting crack arrest. It was observed the crack propagated as the load
increased and eventually stopped growing as result of a reduction in the applied load in a displace-
ment rate control test. The crack propagated again once the load reached a sufficient level. Crack
arrest was also reported by Harvey & Cebon (2005) in double cantilever beams, Figure 2b. Further
analysis of the fracture behaviour at the arrest points is needed.

In order to compare experimental results from tests at different temperatures and load
rates, a temperature-compensated crack mouth opening strain rate ĖT is defined in similar

Table 2. Comparison of test results for bitumen specimens.
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Figure 2. (a) 3-point bend SE(B) specimen, test temperature: −20◦C, displacement rate: 0.01 mm/s. (b) DCB
specimen, (Harvey & Cebon, 2005).

manner to the temperature-compensated strain rate proposed by Harvey & Cebon (2005). ĖT is
expressed as:

where �̇ is the crack mouth opening displacement rate and �0 is the initial notch width, Q represents
the thermal activation energy, R is the universal gas constant, T0 and T1 stand for the reference
temperature and test temperature respectively.

In this study the �̇ was computed from the � vs. time test characteristic curve, specimens were
manufactured with a �0 of 3 mm (see Figure 1), Q is 228 × 103 J mol−1 as per Cheung & Cebon
(1997) for 50 pen bitumen, R is equal to 8.314 Jmol−1K−1 and the reference temperature was chosen
to be 273 K.

Fracture energy results for the tests on pure bitumen are presented in the form of a failure
mechanism map similar to the failure mechanism maps in viscoelastic films reported by Harvey &
Cebon (2003, 2005). Ductile, brittle and transition regimes of behaviour are observed in the map,
Figure 3. The failure mechanisms are dependent on temperature and crack mouth opening rate. In
the ductile region, the fracture energy increases with in a power law relationship until a critical
value. It then decreases rapidly through to the transition region for temperature compensated crack
mouth opening rates ranging from 0.03 s−1 to 0.35 s−1. In the brittle region, the fracture energy
is largely independent of and is considerable lower than in the ductile region, indicating that the
energy needed to initiate fracture is less at high displacement rates and lower temperatures, as
expected.

A more comprehensive matrix of tests is planned in future to corroborate this behaviour.

5 EXPERIMENTAL RESULTS FOR IDEALIZED ASPHALT MIXES

An experimental program of 3-point bend testing on idealized asphalt mixes was conducted to
map out the fracture behaviour over a temperature range from −30◦C to 30◦C. Typical force vs.
deflection curves for 4 specimens tested at different temperatures and the same displacement rate
of 0.01 mm/s are shown in Figure 4a. The plots illustrate the temperature dependence of the asphalt
mix samples (temperature range from −30◦C to 0◦C). It is observed that the peak force increases
with temperature. The load-line displacement curve of the specimen tested at 0◦C in Figure 4a
shows crack arrest in the vicinity of the peak load. At lower temperatures, crack growth develops
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Figure 3. Mechanism map for pure bitumen.
(a) Fracture energy per unit volume G/2h of DCB bitumen specimens, Harvey & Cebon (2005).
(b) Specific fracture energy of SE(B) bitumen specimens.
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Figure 4. (a) Force vs. deflection plots for asphalt specimens tested at a displacement rate of 0.01 mm/s,
showing the effects of Temperature. (b) Fracture toughness vs. Temperature. (c) GIC vs. Temperature.
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Figure 5. Mechanism map for asphalt mix specimens. (a) GIC vs. Log(ĖT ). (b) JIC vs. Log(ĖT ).

in a smooth fashion showing more brittle behaviour and less energy is required to propagate the
crack. A crack arrest mechanism was also reported by Genin & Cebon (2000) at low temperatures
in asphalt concrete. More analysis is needed to better understand the arrest behaviour of bituminous
mixes.

Values of the critical stress intensity factor KIC correlate the increase of peak force with tem-
perature as depicted in the KIC vs. Temperature plot for these tests, Figure 4b. It can also be seen
that the area under load-deflection response increases with temperature, therefore fracture energy
GIC increases as well with test temperature for the same displacement rate condition, the plot GIC

vs. Temperature in Figure 4c illustrates this relationship. Similar findings can be drawn from the
J -integral, indicating that less potential fracture energy is needed to propagate the crack at lower
temperatures for the same rate of load application of 0.01 mm/s.

A failure mechanism map plotting strain energy release rate as a function of the temperature-
compensated crack mouth opening strain rate (Eq. 1) in asphalt mix specimens is presented in
Figure 5. It again displays three main regimes of failure behaviour: ductile, brittle and transition.
In the ductile regime, the fracture energy increases as the temperature decreases from 30◦C to 0◦C.
Conversely, the fracture energy of the mix decreased as the temperature decreases from −10◦C
to −30◦C in the brittle region, a softening mechanism can also be observed. The ductile to brittle
transition is located at temperatures between 10◦C and 0◦C or 0.002 s−1 < ĖT < 0.04 s−1, although
there is some evidence of strain rate sensitivity up to ĖT = 1 s −1. A similar description of the failure
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Figure 6. Behaviour of an asphalt SE(B) specimen, the sample was tested at a temperature of −20◦C and
displacement rate of 0.05 mm/s. (a) Force and � vs. Time with superimposed photographs of the specimen.
(b) Crack length vs. Time for the same test.

behaviour in asphalt was found using the J-integral as a fracture characterization parameter. It was
also observed that the J-integral decreases as the temperature decreases from −10◦C to −30◦C
(brittle regime) indicating that resistance to crack growth is lower at lower temperatures. JIC and
GIC are very similar at high values of ĖT , as expected.

Crack length measurements were conducted using the optical system described in the previous
section. Details of the process of image acquisition, length analysis and data storage can be found
in Portillo et al. (2007). Figure 6 depicts some images of the crack growth as a function of time
superimposed in a typical Force and � vs. time curve for an asphalt specimen. It is interesting to
observe that the strains are small at the peak load when fracture occurs (t ∼ 4s.) and the crack is
not visible until the deformation is larger and the force is low (t ∼ 10 s.).

6 CONCLUSIONS

1. 3-point bend tests were performed on pure bitumen and asphalt mix to characterize the fracture
behaviour over a wide range of temperatures and loading rates. Evaluation of fracture toughness
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of test specimens was conducted in terms of the stress intensity factor, KIC , fracture energy, GIC ,
and J-integral, JIC .

2. Fracture characterization parameters obtained from this test program correlated favourably other
experimental data reported in the literature.

3. A wide range of crack behaviour was observed including brittle, ductile, transition and crack
arrest. These regimes can be seen clearly on the failure mechanism maps for both pure bitumen
and asphalt materials.

4. Crack length has been measured as a function of time. On-going work will evaluate the C∗-
integral parameter to determine the best fracture modelling approach in each regime of behaviour.

5. Further laboratory work of fracture tests at more temperatures and loading rates is planned to
add more points to the failure mechanism maps.
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Using semi-analytical finite element method to evaluate
stress intensity factors in pavement structure

S. Hu, X. Hu & F. Zhou
Texas Transportation Institute, Texas A&M University, College Station, Texas, USA

ABSTRACT: The stress intensity factor is a very important fracture mechanics parameter for
the analysis of cracked bodies such as cracking in pavement structure. It provides the basis
for crack propagation, fatigue life prediction, and consequently for pavement design. Although
three-dimensional finite element methods are able to determine these values correctly, the cost
of solutions in terms of computation time and complexity increases significantly compared with
two-dimensional method and, on occasion, overtaxes the available computer capability when the
pavement structure is too complicated.

To address the aforementioned problem, a specific stress intensity factor calculating program
named SA-CrackPro was developed for pavement structures and discussed. It is essentially a
two-dimensional FE program which incorporated the semi-analytical method. Theoretically it has
comparable accuracy of three-dimensional result but much faster speed and much less computer
resource requirement. Based on the typical pavement structure and the standard single axle load,
the accuracy of program was verified by comparing with ANSYS software.

1 INTRODUCTION

It has long been accepted that cracking is one of the major distress modes observed in hot-mix
asphalt (HMA) concrete pavement. To analyze the crack propagation problem, one of the most
important fracture mechanics parameter used for this purpose is the stress intensity factor (SIF)
value. It is well known that SIF is not simply a material problem, but also is highly related to
pavement structure, traffic loading and environmental conditions. Therefore, the determination
of SIF values for generalized pavement loading and environmental and geometric configurations
requires numerical solutions, such as finite element (FE) method.

In general, there are two categories of FE tools available to compute the SIF values. First is the
general purpose FE package such as ANSYS. It is no doubt about the capability of these FE pack-
ages. However, the complexity of these FE programs and consequently the time-consuming user
training process often prevent pavement engineers from using them. The other category FE tools
are those specifically developed for pavement analysis. For example, CRACKTIP was developed
for thermal cracking by Lytton and his associates (Chang et al. 1976) at the Texas Transportation
Institute. The CRACKTIP is a two-dimensional (2D) FE program, and has been successfully used
to develop the SIF model and predict the cracking propagation (Lytton et al. 1993). However, it
is well known that, the difference between 2D plane strain conditions and the three-dimensional
(3D) nature of a cracked geometry and loading, leads to a gross overestimation. Another pavement
SIF computing program named CAPA (Computer Aided Pavement Analysis) was developed by
Delft University of Technology in 1990s (Scarpas et al. 1993, Scarpas et al. 1996). The CAPA-3D
program has some special functions that were created to specifically address the reflective crack-
ing issue, such as special elements for simulating interface and interlayer, automatic finite element
re-meshing technique to simulate crack propagation, etc. All of these functions make the CAPA-3D
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Figure 1. Pavement structure geometry and load mode.

a good option for reflective cracking analysis and prediction. Unfortunately, due to 3D character,
its high hardware and execution time demands render it suitable primarily for research purposes.

Thus it’s in great need to find means to both improve the calculating speed and reduce the resource
requirement without the loss of accuracy. One of the methods that seem most promising for this
purpose is the method known as the Semi-Analytical FE method (Zienkiewicz 1977). For a cracked
pavement structure problem (see Figure 1), the geometry and material properties of structure layers
do not vary along z-direction, only the load terms exhibit a variation in that direction, preventing
the use of such simplifying assumptions as a 2D plane strain case. However, by making use of
orthogonal functions and Fourier series, problem of such class can be simplified as a series of 2D
plane strain cases. This is what called the semi-analytical method. Built on this method, a new
program named SA-CrackPro was specifically developed for pavement SIF evaluation.

In the following sections, this paper first presents two key components of the SA-CrackPro: the
semi-analytical FE method and SIF evaluation method. Then a typical pavement structure under a
standard single axle load was used to verify the accuracy of the SA-CrackPro by comparing with
the ANSYS (ANSYS 2004) software. Finally, a brief summary and conclusion is provided at end
of this paper.

2 DESCRIPTION OF SEMI-ANALYTICAL FINITE ELEMENT METHOD

The basic procedure in the FE formulation is to express the element coordinates and element
displacements in the form of interpolations using the natural coordinate system of the element. So
is Semi-analytical FE method.

In SA-CrackPro, the 8-node isoparametric elements (in XY plane, see Figure 2) are used, and
the displacement functions are as following:

where l identifies the lth term of the Fourier series and L is the number of terms considered; Z1l(z),
Z2l(z), Z3l(z) are 3 analytical function along z direction, in SA-CrackPro, they are:
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Figure 2. 8-node isoparametric element in XY plane and tire load sketch.

Nk is the same interpolation function used to express displacement for the two-dimensional problem
in XY plane; ukl , vkl , wkl are the kth nodes displacements along x, y, z direction respectively in the
lth terms.

To determine the element contribution to the equation minimizing the potential energy, a typical
sub-matrix of the element stiffness matrix [k]e is:

A typical term for the force vector becomes:

where l, m identify the lth and mth terms of Fourier series respectively; [B] is strain-displacement
matrix. N l and {p}l are lth interpolation function and lth load function respectively.

As pointed out by Zienkiewicz (1977), the matrix given in Equation 3 will contain the following
integrals:

The integrals exhibit the orthogonal property which ensures that:
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The orthogonal property causes the matrix [k]e to become diagonal. The final assembled
equations for the problem have the form:

Equation 7 shows that the large system of equations splits into L separate problems. Zienkiewwicz
(1977) points out that this property is of extreme importance, because, if the expansion of the
loading factors involves only one term for a particular harmonic, then only one set of simultaneous
equations need to be solved. Thus, what was originally a three-dimensional problem now has been
reduced to a two-dimensional one with consequent reduction of computational effort.

Another important aspect of the semi-analytical FE method is to select appropriate load terms to
ensure that the applied load shape is correctly simulated in the z domain. For example, in pavement
analysis applications with a single axle with dual tires, the load terms can be represented by the
following expansion:

with:

where Pt is the tth tire load pressure; Ft1 is the z coordinates where the tth tire load starts; Ft2 is
z coordinate where the tth tire load ends. Figure 2 showed the load sketch, for clarity, only 2 tires
were displayed.

To demonstrate the Fourier expansion effect under different terms, Figure 3 showed assumed
4 tires with different tire pressure values and locations. Then based on the calculation results
using Equation 8 and Equation 9, Figure 4a and 4b showed the 50 terms and 100 terms Fourier
series expansion effect respectively. Theoretically, more terms, more exact simulation effect can be
obtained. In SA-CrackPro, the 70 terms were adopted because the determined SIF values change
very little after 70 terms, see Figure 5.
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Figure 4. Fourier series expansion results of 50 terms (a) and 100 terms (b).
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Figure 5. SIF values vs. Fourier Terms.

3 DESCRIPTION OF SIF EVALUATION METHOD

To determine SIF value, a fundamental difficulty is that the polynomial basis functions used for
most conventional elements cannot represent the singular crack-tip stress and strain fields predicted
by the fracture mechanics theory. So a number of researchers investigated special finite element
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formulations that incorporate singular basis functions or stress intensity factors as nodal variables,
while successful, these special purpose elements are not available in most general-purpose FE
programs and thus are used very infrequently.

A significant milestone in this area was the “quarter-point” elements discovered by Henshell and
Shaw (1975) and Barsoum (1976). These researchers showed that the proper crack-tip displacement,
stress, and strain fields can be modeled by standard quadratic order isoparametric finite elements if
one simply moves the element’s mid-side node to the position one quarter of the way from the crack
tip to the far end of the element. With these elements standard and widely available, FE programs
can be used to model crack tip fields accurately with only minimal preprocessing required. The
same approach was implemented in the program SA-CrackPro.

The expressions for the SIF’s using 2D plane strain assumptions are as following (Ingraffea et al.
2003). The finite elements meshing around crack tip was showed in Figure 6.

where ra−b−c = distance from crack tip point a to point c; KI , KII = SIF value for Mode I (opening
crack mode) and Mode II (shearing crack mode) respectively; G = shearing modulus; µ = Poisson’s
ratio; and ui, vi = the x, y displacements at point i.

Since SA-CrackPro used analytical FE method, it means under the given Fourier term and given
analysis XY plane in the pavement structure, the response is subject to two-dimensional plane strain
law. So the equation 10 and 11 can be directly used after determine the displacements of related
points. This method is simple and clearly related to the typical loading mode such as bending load
(related with opening cracking mode) and shearing load (related with shearing cracking mode).
Also it shows pretty stable and reliable ability when adopting different mesh size.

4 PROGRAM VERIFICATION

As discussed before, due to the reduction in dimensional analysis compared to 3D FE method, the
Semi-analytical method has much less nodes and smaller number of equations and matrix with
much narrower bandwidth. Also, it has quite small amount of input data and output data because
of the smaller number of mesh lines. Consequently not only does it need much shorter computing
time for solution, but also it is much easier to prepare input data file and to clean up the output
result file. All these advantages have been confirmed both theoretically and practically by many
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Figure 7. Typical pavement structure and parameters for verification study.

researchers (Zienkiewicz 1977, Cheung & Tham 1998, Fritz 2002). So in this paper, the major
concern for the program verification is the accuracy of the results of SA-CrackPro compared with
a 3D FE program.

4.1 Typical pavement structure for verification

Figure 7 shows the typical two-lane with shoulder pavement structure for verification study. There
are totally 4 layers, Asphalt Concrete Overlay (AC layer), Cracked Exisiting layer with 2mm width
joint, Base layer and Subgrade. The material property and thickness of each layer are also noted in
the figure. There are five different crack length values (C), which are 7.5 mm, 22.5 mm, 37.5 mm,
52.5 mm and 67.5 mm respectively.

To verify the accuracy of SA-CrackPro, studies were conducted on two type cases: one is com-
parison of ANSYS 3D results with semi-analytical results under exactly the same 3D load form;
the other is comparison of ANSYS 2D plain strain results under 2D load form with SA-CrackPro
semi-analytical results under equivalent 3D load form (the load that covered the full pavement width
with the same tire pressure as 2D load pressure value). Both cases will consider the bending and
shearing load with different crack length values. The load form is a standard 18-kip(80KN)single
axle dual tires load, and the tire pressure is 0.689 MPa (100 PSI).

4.2 Case 1: Comparison of SA-CrackPro results with ANSYS 3D results

Figure 8 showed bending and shearing load form used both in ANSYS 3D software and
SA-CrackPro. Figure 8a is the bending mode which means this load only will cause the mode
I cracking (opening cracking mode), so only the KI values exist and KII values equal to zero.
Figure 8b is the shearing load mode which will potentially both cause the mode I and Mode II
cracking, but the mode II cracking is dominant, mode I cracking is not as critical as compared with
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Figure 8. Typical load form of bending (a) and shearing (b).

Table 1. SIF value comparison results between SA-CrackPro and ANSYS-3D.

KI (MPa* mm0.5) KII (MPa* mm0.5)
Crack
Length (mm) SA-CrackPro ANSYS 3D Error (%) SA-CrackPro ANSYS 3D Error (%)

7.5 1.724 1.641 4.8 2.560 2.694 5.3
22.5 0.280 0.278 0.7 3.482 3.658 5.1
37.5 −2.115 −1.959 7.4 4.512 4.569 1.3
52.5 −5.786 −5.401 6.7 5.736 5.796 1.0
67.5 −13.652 −12.446 8.8 8.485 8.191 −3.5

the bending load mode. So in this paper, for bending load mode, the KI values were compared, and
for shearing load mode, the KII values were compared.

The comparison results were showed in Table 1.

4.3 Case 2: Comparison of two-dimensional plain strain and semi-analytical result

Figure 9 showed load mode used in ANSYS 2D calculation (Figure 9a and 9b) and in SA-CrackPro
calculation (Figure 9c and 9d). It is obviously that under such load form, theoretically the 3D
results should be equal to the 2D results, because in this situation, 3D cases are qualified for the
simplification as 2D plain strain cases. For the same reason as case 1, only the KI values were
compared for the bending load mode, and only the KII values were compared for the shearing load
mode. The comparison results were showed in Table 2.
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Figure 9. 2D plain strain cases of bending load (a) and shearing load (b) vs. equivalent 3D bending load (c)
and shearing load (d).

Table 2. SIF value comparison results between SA-CrackPro and ANSYS-2D.

KI (MPa* mm0.5) KII (MPa* mm0.5)
Crack
Length (mm) SA-CrackPro ANSYS 2D Error (%) SA-CrackPro ANSYS 2D Error (%)

7.5 4.271 3.917 −8.3 4.632 4.821 4.1
22.5 0.217 0.197 −9.4 6.030 6.068 0.6
37.5 −6.055 −6.068 0.2 7.581 7.624 0.6
52.5 −15.782 −15.458 −2.1 9.532 9.751 2.3
67.5 −38.344 −36.854 −3.9 14.304 15.233 6.5

From the study of the two cases, it can be concluded that:

– Both cases indicate that the SIF values calculated by SA-CrackPro conformed to the calculation
of ANSYS results. The average errors are less than 5%.

– The theoretical relationship between 3D and 2D plain strain simplification for Case 2 further
confirmed the correctness of the SA-CrackPro results.

– The big difference between Case 1 and Case 2 (see Table 1 and Table 2) showed that when
consider normal vehicle load, 3D results can not be substituted by 2D results. This explained the
necessity of 3D analysis and also highlighted the value of SA-CrackPro.

5 SUMMARY AND CONCLUSIONS

This paper proposed using Semi-analytical method to evaluate SIF values in cracked pavement
structures. The specific program SA-CrackPro was developed and discussed. The accuracy of the
program was verified by comparison with the ANSYS software. Two cases were conducted for
the verification. One is comparison of ANSYS 3D results with SA-CrackPro results under the real
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vehicle load form; the other is comparison of ANSYS 2D plain strain results under 2D load form
with SA-CrackPro results under equivalent 3D load form (the load that covered the full pavement
width with the same tire pressure as 2D load pressure value). Both cases indicated that the SIF
values calculated by SA-CrackPro conformed to the calculation of ANSYS results. Also, the big
difference between the two cases showed that when consider real vehicle load, 3D results can not
be substituted by 2D results during SIF calculation. This explained the necessity of 3D analysis and
also highlighted the value of SA-CrackPro. With this verified SA-CrackPro program, SIF under
various traffic loading conditions and pavement structures can be easily evaluated. As one of the
potential applications, the SA-CrackPro program has been used to perform large scale pavement
SIF calculations and then to develop SIF regression models for different research projects including
the TxDOT project 0-5123 “Integrated Asphalt (Overlay) Mixture Design, Balancing Rutting and
Cracking Requirement”, and the NCHRP project 1-41 “Models for Predicting Reflection Cracking
of Hot-Mix Asphalt Overlays”.
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Interface fatigue cracking in multilayered pavements:
Experimental analysis
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ABSTRACT: This paper deals with interface shear durability in a multi-layered pavement. A test,
named DST, has been performed in order to characterize monotonic and fatigue shear behavior of
the interface. Tested specimens and the experimental device are described. Two types of interface
are tested for 10◦C and 20◦C temperature conditions. So fatigue laws are presented and compared to
interface shear monotonic strength (vs loading rate). This approach enables us to find a relationship
between monotonic and cyclic experiments. The main practical objective of pavements companies
is to get fatigue parameters of tack coat from short time consuming and easy tests. So pavements
companies will be able to introduce lifetime of tack coat in pavement design. Practically speaking,
this experimental work connected to pavement simulation (Diakhaté, 2007) shows that the shortest
lifetime in pavement is classically at the bottom of the multi-layered pavement except in curves,
roundabouts and if the surface layer is thin.

1 INTRODUCTION

More and more pavement constructors have troubles in predicting debonding at the interfaces of
a multilayered pavement. This interface distress may be due, on the one hand, to the construction
method (layers insufficiently bonded, no tack coat, water infiltration at the interfaces, etc.), and on
the other hand, to the traffic load which becomes more and more high, with horizontal component
(braking, turn, etc.), over thin wearing courses. In a mechanistic analysis, interface debonding can
be due to cyclic tensile or shear loading (Granju et al. 2004), (Tran et al. 2005). Some studies
have been performed in tension and are limited to pavements where interface is subjected to tensile
stresses (sometimes, viscoelastic effect can generate tension at the interface). In other studies, shear
loadings are applied to investigate the interface shear behavior (Partl et al. 2006), (Canestrari et al.
2005), (Diakhaté et al. 2007). However, results from these studies are restricted to monotonic shear
behavior. Very few studies have been carried out to investigate the interface behavior under shear
fatigue loadings.

Finite element simulations (Diakhaté, 2007) have shown that maximum shear stresses are close
to the tire edge (the normal stresses are negligible at this position) and the maximum normal stresses
are in the center of the tire(s) (no shear stresses at this point). This simulation enable us to justify
cyclic pure shear testing.

This paper deals with the interface shear fatigue. French pavement design is based on criteria of
fatigue behavior of bituminous materials, and on criteria of unbound layer rutting. It also assumes
that layers are either perfectly bonded or debonded. So results from this work will enable the
pavement designer to assess the interface bonding lifetime as well as the pavement lifetime. For
the purpose of this work, a specific double shear test device has been designed and manufactured.
Viscoelastic and fatigue results of the interface between two AC layers will be discussed.
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Figure 1. Schematic of the Double Shear Test: specimen and device.

2 EXPERIMENTAL TEST

2.1 Presentation

In this work, the specific test device developed is based on the double shear test (DST) principle.
This testing method have been successfully used in a former study to investigate the shear damage
behavior and mode II fatigue crack propagation of AC mixes (Petit et al. 2002).

As depicted in figure 1, the DST is performed on a sample which is made of three layers,
bonded in two. The two side layers are fixed during the test, and the central layer is subjected to the
load (monotonic or cyclic). A numerical optimization of the specimen and device geometries was
performed, in order to obtain a quite pure shearing load at the interfaces. Experimental validations
by the mean of image analysis confirmed this fact (Diakhaté, 2007).

The DST device is mounted on a servo-hydraulic frame. The upper part of the device is connected
to the jack, and the lower part is connected to the load cell.

2.2 Asphalt material

Two types of interface are studied: one with tack coat (TC-70/100), and one without tack coat
(WTC).The tack coat used in this study is a conventional rapid-set cationic emulsion. This emulsion
contains approximately 65 percent bitumen (Pen 70/100), and a 300 g/m2 application rate of residual
bitumen is done.

Two types of asphalt concrete mix are selected to manufacture the composite laboratory slab.
Both mixes contain the same pure bitumen as the one used to formulate the tack coat but have
different design characteristics (Tab. 1).

2.3 Fabrication of samples

In laboratory, two methods (Fig. 2) can be followed to manufacture a sample which consists of
three layers of AC.

As depicted in figure 2, method (A) leads to a sample where layers are successively compacted.
Then, the interface 1 will be more compacted than the interface 2. Same thing when comparing
layer 1 and layer 3. So, this method (A) leads to case where interfaces of the same sample have
different characteristics in term, among others, of roughness.
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Table 1. Asphalt concrete mixes: design characteristics.

Aggregates Binder content Mean Air void
Mix type nominal size Geological nature mass % thickness content

Upper very thin layer 0/10 mm grey diorite, from 5.6 30 mm 12%
Layer AC (BBTM) Mazières-en-Gâtine (Fr)

Lower thick layer 0/10 mm pink quartzite sandstone 6.0 50 mm 7%
Layer AC (BBSG) from Munneville (Fr)

Faces glued

Layer 1
Interface 1

Interface 2
Layer 2

Layer 3

Interface 1

Interface 2
Layer A

Layer B1

Layer B1

Layer B2
Layer A1

Layer B2
Layer A2

Layer A1

Layer A2

Layer B
1

(A) (B)
2

3

Figure 2. Fabrication of a specimen consisted of three layers of AC.
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Metal plates glued
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Figure 3. Preparation of the slab and the sample in laboratory, and photograph of obtained sample.

To obtain a sample by following the method (B) (Fig. 2), a double layered slab is firstly manufac-
tured (phase 1). After sawing the slab (phase 2), the two resulting parts are glued together (phase 3)
to obtain the desired shape of the sample. An epoxy is used to glue both faces of layer B.

The process used to prepare slabs needs the French rolling wheel compactor. Each layer of the
slab (600 mm in length, 400 mm in width, and 80 mm in thickness) is compacted according to the
European standard NF EN 12697-33 (Fig. 3).

The hot mix asphalt (160◦C) is poured in the mold, and the lower layer is compacted to 50 mm
thickness.After 2 hours of cooling, temperature of the lower layer is about 40/45◦C, and the emulsion
is uniformly applied. Once the emulsion is applied, a rest time of 2 hours is considered enough for
ensuring its breaking process. Afterwards, the compaction process is repeated to manufacture the
upper layer to a thickness of 30 mm. 12 samples (dimensions 70 × 105 × 50 mm3) are extracted
from a molded specimen, after sawing and gluing.

3 FATIGUE LOADING

3.1 Cyclic loading

48 fatigue tests have been performed, and carried out under force control, and at 10 Hz. The force
values is measured by a cell force (±100 kN), and the tangential relative displacement, which
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Figure 4. (A) First cycles of the test, (B) Applied shear force (amplitude and mean values).

represents the displacement between the central layer and the side layers of the sample, is measured
by a displacement sensor (extensometer technology, ±1 mm). Figure 4 shows the first five cycles
of applied shear force and tangential relative displacement on a sample, subjected to two million
of loading cycles. In this figure, it can be noticed that the force amplitude is constant during the
test and the force mean value is null.

3.2 Damage behavior

The damage behavior of the interface between AC layers is analyzed from the evolution of the
shear stiffness modulus (�Ks) during test. For each fatigue test, the interface shear stiffness can
be expressed as a dynamic value K∗

s,k (Eq. 1).

where �Fk = amplitude of the shear force at cycle n◦k; �uk = amplitude of the displacement at
the same cycle; S = sheared area at both interfaces; and ϕK = phase angle between the shear force
and the displacement signals.

In figure 5, one can see a representative result of a fatigue test. The shear stiffness modulus of
the interface, �Ks, (normalized value) decreases during test. This decrease may be divided into
two main stages. In the first one, the damage grows, as microcraking occurs and �Ks decreases
slowly. In the second stage, �Ks decreases quickly, meaning a coalescence and fast propagation
of macroscopic cracks at the interfaces.

3.3 Fatigue law in a Whöler analysis

The shear fatigue tests are analyzed to identify the fatigue laws of the two types of interface studied
(with tack coat “TC-70/100”, and without tack coat “WTC”). Each fatigue law links the amplitude
of the applied shear stress with the number of loading cycles to failure. Results from oligocyclic
tests and fatigue are well described through a same power law.

This last parameter is assessed by means of a failure criterion. When one refers to fatigue tests
performed on bituminous materials, the number of loading cycles to failure is defined convention-
ally as a drop by half of the initial specimen stiffness. In this paper, the fatigue failure criterion is
based on a drop percentage of the initial value of the shear stiffness modulus (�Ks). For instance,
the interface shear fatigue law is analyzed for a drop of 10%, 20%, 50%, and 70% of �Ks.
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Figure 5. Evolution of the interface shear stiffness modulus versus the number of loading cycles.

Figure 6. Fatigue laws for different failure criteria (tests performed at 10◦C with tack coat 70/100).

In a log-log scale, for each drop percentage, the amplitude of the applied shear stress is plotted
with the number of loading cycles equivalent to x% of �Ks drop (Fig. 6). From this figure, one
can notice that there is a very good correlation between the amplitude of the shear stress and the
number of cycles to x% of �Ks drop. Results are better when we consider a drop percentage greater
than 10.

It can also be noticed from figure 6 that, for drop percentage greater than 50, the obtained shear
fatigue laws are similar. In fact, at these drop percentages, the interface fails quickly, and then the
equivalent numbers of cycles to failure are quite equal.

Referring to previous analysis (Fig. 6), the picked criterion for the number of loading cycles to
failure is defined as a drop by half (50%) of initial value of the interface shear stiffness modulus.

Figure 7 presents, for each type of interface studied at 10 and 20◦C, the obtained fatigue laws.
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Figure 7. Fatigue laws of the studied types of interface.

In case of interface with tack coat (TC-70/100), the power laws, which are proposed to describe
the interface fatigue behavior at 10 and 20◦C, are similar.

When comparing the effect of tack coat on the interface fatigue performance, results show that,
at 10◦C, the interface without tack coat has lower performance than the one with tack coat. This
finding shows the importance of applying, at 10◦C, a tack coat between AC layers to provide a
greater fatigue performance. However, at this temperature, the slope of the fatigue law seems to be
not affected by the type of interface. Hence, one can assume that, at 10◦C, the slope of the fatigue
law is about −0.20.

The French fatigue cracking model (LCPC-SETRA, 1994), is derived from bending tests (NF P
98-261-1) performed on laboratory AC mix specimens. This model is presented hereafter (Eq. 2):

where εt = applied tensile strain which leads to a number of cycles to failure NF; ε6 = applied
tensile strain which leads to a number of cycles to bending failure (at 10◦C and 25 Hz) equal to one
million; b = slope of the fatigue law (conventionally b = −0.20).

If we compare the fatigue law equation of bituminous materials (Eq. 2) with the interface fatigue
law (Fig. 7), we can write this latter as follows (Eq. 3).

where �τ6 = amplitude of the applied shear stress which leads to a number of cycles to failure
equal to one million; b = slope of the fatigue law.

For the case of interface with tack coat (TC-70/100), the value of �τ6 is 0.36 MPa at 10◦C, and
0.13 MPa at 20◦C. The value of the slope b is −0.20 at 10◦C, and −0.24 at 20◦C.

654



0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

4.0

4.5

0.0 0.5 1.0 1.5 2.0 2.5 3.0 3.5 4.0

Tangential relative displacement  [mm]

In
te

rf
ac

e 
sh

ea
r 

st
re

ss
 [M

P
a]

Test at 10°C & 0.5 MPa/s (3500 N/s)

Test at 10°C & 0.2 MPa/s (1330 N/s)

Test at 20°C & 3.0MPa/s (20,885 N/s)

Test at 20°C & 0.2MPa/s (1400 N/s)

Figure 8. Evolution of the interface shear stress versus tangential relative displacement (TC-70/100).

4 MONOTONIC LOADING

21 monotonic Double Shear Tests have been carried out under force control, with the device
described Figure 1. The shear force values is measured by a cell force (±100 kN), and the tangential
relative displacement, which represents the displacement between the central layer and the side
layers of the sample, is measured by a LVDT (±75 mm). The nominal shear stress, applied at
the interfaces, is computed by dividing the measured shear force by the sheared section at the
interfaces. For four tests carried out at 10 and 20◦C, and at several loading velocities, Figure 8
shows the evolution of the nominal interface shear stress versus the tangential relative displacement.

From the curves presented in figure 8, the maximum value of the shear stress corresponds to the
interface shear strength. This parameter is generally used to compare the monotonic performance
of different tack coats.

4.1 Interface shear strength

In this part of the work, the effect of loading velocity on the interface shear strength is analyzed. In
a log-log scale, the interface shear strength is plotted with the loading velocity (Fig. 9). It can be
noticed that, at 10 and 20◦C, results are well described through a power law with a slope which is
similar and about 0.17 for those materials. When comparing results obtained, it can be concluded
that, for a temperature between 10 and 20◦C, the interface shear strength value can be evaluated.

5 FROM MONOTONIC RESULTS TO FATIGUE LAW

In this part of the paper, we are interesting in predicting the interface fatigue law from the monotonic
tests results.

Firstly, monotonic tests results are analyzed in frequency. For each monotonic test, the shear
strength value corresponds to a failure time (TR, see Fig. 10). When one compares monotonic
loading with fatigue loading, it can be assume that the interface shear strength that corresponds
to a failure within TR seconds would be equal to the amplitude of the shear stress that leads to a
failure within ¼ cycle of loading.
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Figure 9. Interface shear strength versus loading rate.

Figure 10. Comparison between monotonic loading and fatigue loading.

Fatigue tests are carried out at 10 Hz. For each monotonic test, the loading frequency (feq)
equivalent to the failure time TR can be assessed as follows (4):

In a first method, the predictable fatigue law could be written as follows (5):

In Figure 11, the interface shear strength values are plotted with the equivalent frequency. Since
fatigue tests are carried out at 10 Hz, the value τmax (for feq = 10 Hz) is compared with �τ (for
NKS50% = 1 cycle). It can be seen from Figure 10 that these values are different.
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Figure 11. Comparison between monotonic law and fatigue law (TC-70/100, tests at 10 and 20◦C).

In a second method, the predictable fatigue law could be written as follows (6):

From the former equation, the objective is to evaluate the loading rate. From Figure 11,
for NKs50% = 10 cycles, �τ = 3.80 MPa at 10◦C. From figure 9, at the same temperature, for
τmax = 3.80 MPa, τ̇ = 0.41 MPa/s. This process is followed to evaluate the corresponding loading
rate at 20◦C (τ̇ = 0.38 MPa/s).

Finally, at 10◦C, a monotonic test carried out at 0.41 MPa/s leads to a shear strength value which
is equal to the amplitude of the shear stress that leads to 10 loading cycles to failure.

In Figure 12, a comparison between the fatigue law obtained from laboratory tests and the one
predictable is presented. It can be seen that the predictable fatigue laws describe, at 10 and 20◦C,
the fatigue behaviors of the interface TC-70/100.

6 CONCLUSION AND PERSPECTIVES

This paper deals with the characterization of the interface shear behavior under monotonic loading
and fatigue loading. This is one of the first works about investigation of the interface shear fatigue
behavior. The studied interface is the one between a very thin asphalt concrete layer and a thick
asphalt concrete layer. Two types of interface are tested: with and without tack coat.

For the purpose of this study, a specific double shear test device has been designed and manufac-
tured. The sample tested is consisted of three layers bonded in two with or without tack coat. With
the test device developed, the interfaces of the sample are subjected to a quite pure shear stress.

Oligocyclic and fatigue tests were carried out under force control, at 10 and 20◦C, and at 10 Hz.
Several failure criteria are analyzed to derive the interface fatigue law. In a log-log scale, the
amplitude of the applied shear stress is plotted with the number of loading cycles to failure. This
number is defined as a drop by half of the initial value of the shear stiffness modulus. There is a
very low scattering of fatigue results. At each testing temperature, a power law leads to a very good
correlation between the applied shear stress and the number of loading cycles to failure. This is
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Figure 12. Comparison between fatigue laws: simulation and experimental.

a very interesting finding, since oligocyclic and fatigue results can be plotted in a same diagram,
and correlated together through a power law.

Another finding from fatigue tests results is, at 10◦C, the fatigue performance of the interface
without tack coat is lower than the one of the interface with tack coat. This means that, at this
temperature, the application of tack coat improves the fatigue performance of the interface.

At 10◦C, the slope of the fatigue seems to be not affected by the type of the interface (with or
without tack coat). It’s is about −0.20, so, the same as the obtained from fatigue tests carried out on
bituminous materials. However, this slope of the fatigue law is related by the testing temperature.
At 20◦C, the slope is about −0.24.

The monotonic shear tests were carried out at 10 and 20◦C, and at several loading velocities. In
the analysis of the results, we are interesting in evaluating the interface shear strength value. In the
literature, this value is usually used to compare monotonic performance of tack coat. In a log-log
scale, the interface shear strength values are plotted with the loading velocity. Power laws lead to
very correlation of these data.

An advanced analysis of the experimental results obtained has been conduction to find a rela-
tionship between the monotonic tests results and the fatigue law. Since monotonic tests are simple
and quick to carry out, this relationship would be very useful to predict the fatigue performance
of tack coats. The finding of this analysis is, at each testing temperature, a monotonic test is to be
carried out a specific loading rate (0.41 MPa/s at 10◦C or 0.38 MPa/s at 20◦C) to obtain a couple
of values (shear stress and number of cycles to failure) of the fatigue law. Then, the fatigue law
is completed since its slope is known at each testing temperature (−0.20 at 10◦C, and −0.24 at
20◦C).

The interface fatigue laws obtained from these laboratory tests allows the designer to take into
account the interface fatigue behavior for the pavement design. The effect of taking into account this
interface fatigue behavior on the pavement response is analyzed in finite elements. Results show
that, for the case with horizontal efforts acting at the surface of the pavement, the lifetime of the
bonding at the uppermost interface is lower than the one of the bituminous layers (Diakhaté, 2007).
Effectively, we can easily show that in a pavement curve by assuming cyclic horizontal effects at
each standard axle, fatigue of tack coat can be the first damage, so in this case the pavement design
has to include fatigue of interface.

In perspective, the effect of water infiltration at the interface on fatigue behavior will be analyzed.
The relationship which allows the designer to get fatigue properties from monotonic results will
be validated with other materials.
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ABSTRACT: This paper presents a new fracture-based constitutive model to characterize pave-
ment interfaces. The constitutive model captures the entire range of interface responses from fully
bonded (initial elastic) to fully debonded. Failure (debonding) mechanisms can occur in the fol-
lowing states which the model also captures: pure shear, pure tensile, shear with compression, and
shear with tension. Additionally, the developed model shows promise for characterizing cracking
problems.

In this model, an interface constitutive relationship has been implemented with a frictional
Mohr-Coulomb plasticity model. The constitutive model and interface elements were implemented
by means of the user element (UEL) of ABAQUS finite element (FE) software. An algorithmi-
cally consistent tangent operator for the interface elasto-plastic modulus was used to facilitate
convergence. Non-associative plasticity was implemented to have a better control of volumetric
expansion (dilation) at the interface element. Debonding was formulated by a nonlinear softening
model integrated into an elasto-plastic constitutive model. The model addresses frictional proper-
ties, including pressure dependency of the interface shear strength and dilation due to roughness
of interfaces.

This paper provides numerical examples and discusses the experiments conducted for characteri-
zation of hot-mix asphalt (HMA) overlay and Portland cement concrete (PCC) interfaces, including
tests on direct shear at various temperatures, tack coat materials, tack coat application rates, and
concrete surface texture. As part of the experiments, three-dimensional interface elements were
inserted on a predefined failure plane. Load displacement responses obtained from direct shear
tests were in agreement with the finite element simulations. The developed model with its inherent
frictional nature is ideal for use with interface problems especially under various loading conditions
(pure tensile, pure shear, shear with compression, and shear with tension). The model can also be
further advanced to be used in the finite element analysis of pavement cracking problems under
mixed-mode loading.

Keywords: pavement interface, plasticity, friction, dilation

1 INTRODUCTION

Interface elements within the concept of finite element (FE) theory have been commonly used
to address geometrical discontinuities occurring as cracks, dissimilar material interfaces, joints,
etc. The concept of using interface elements was implemented by Mahtab and Goodman (1970)
and Zienkiewicz and Pande (1977) to describe load transfer through rock joint interfaces with a
Mohr-Coulomb friction model. Desai et al. (1984) used similar interface elements and improved
the interface constitutive model with a visco-plastic constitutive model, focusing on soil-structure
interactions and sand-concrete interfaces. Non-associated plasticity was also used to control dila-
tion. Beer (1985) introduced a general framework for isoparametric interface elements. Hohberg
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(1992) used interface elements in seismic analysis of arch dams. One of the enhanced features of
Hohberg’s study was to use multi-surface plasticity. This allowed decoupling of interface degrada-
tion in the different modes of loading. Similar interface elements and constitutive models are also
used in micromechanical problems to explain cracking in quasi-brittle materials (Carol et al., 2001).

Within the scope of this current study, interface element formulations are adopted for pavement
interfaces between hot-mix asphalt (HMA) overlays and concrete pavements. The primary objective
is to develop a rigorous interface model to characterize the response of pavement layer interfaces
under various loading conditions focusing on frictional sliding. These loading combinations can
generate the following four stress states at the interface: pure tension, pure shear (sliding), shear
with compression, and shear with tension. The well-established theory of plasticity can be utilized to
better model interface problems involving frictional sliding. Therefore, the Mohr-Coulomb friction
model was considered as the basis and tailored accordingly to the needs of the current problem
at hand. This model allows consideration of surface roughness, which could result in volumetric
deformations and determination of normal pressure dependency of the interfaces. Another feature
of the model developed herein was based on robust integration algorithm techniques developed in
the mid 1980’s by Simo and Taylor (1985). The contribution of these algorithms manifested as fast
convergence, which could be a quite complicated issue in problems with softening response. The
developed algorithms are integrated into ABAQUS as user elements (UEL).

This paper introduces the theoretical formulations for interface elements and plasticity con-
stitutive models. A numerical example is presented to demonstrate some important features of
the developed model. Experimental validation of the model is described. Additionally, the paper
explains how the model parameters were determined and compares the load displacements between
the model and experiments.

The developed model is general and can be applied to different interface problems with suit-
able parameters. A promising potential for this interface model application is that with further
modifications, it can be used for various modes of cracking in pavements.

2 INTERFACE ELEMENTS AND CONSTITUTIVE MODEL

2.1 Interface element technology

Two and three-dimensional zero thickness interface elements are formulated within the concept
of the FE theory. Linear shape functions are used to approximate relative interface displacement
fields. Interface elements and relative displacements in two dimensions are shown in Figure 1.

Figure 1. Two dimensional interface elements inserted between two deformable bodies.
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Traction-relative displacement relationships in the perfectly bonded case reduce to the following
constitutive equations. These equations show the linear relationship between tractions and relative
interface displacements.

where, σnn is normal traction; τns and τnt are tangential tractions; knn, kns, and knt are normal and
tangential stiffnesses; and δun, δus and δut are displacement jumps at the interface.

Interface elements are embedded as user elements (UEL) in the nonlinear solution framework of
ABAQUS. This requires calculation of the tangent stiffness matrix and finding the contribution of
internal force vector to the global force vector. The tangent stiffness and internal force vector are
shown in equation (3). One of the main contributions of this study to the current interface models
is the implementation of consistent tangent operators as described in Simo and Taylor (1985) and
Belytschko et al. (2000). A consistent tangent operator is used to calculate the algorithmic modulus
of interface element, which enhances the convergence of the nonlinear set of system of equations.

where
(

∂t
∂ε

)(i)

n+1
= Ca/g (algorithmic modulus); B is the strain-displacement matrix; t is the tractions

at the interface; K (i)
n+1 is the interface element stiffness matrix calculated at load increment n + 1 and

iteration (i); and f int(i)
n+1 is the internal force vector calculated at load increment n + 1 and iteration

(i).
These equations, which show nonlinear relationships and bring a consistent tangent operator,

were essential during this study to investigate the debonding process at the interface level. Consistent
tangent operator facilitated convergence in finite element simulations, which is a challenging issue
in such highly nonlinear problems.

2.2 Interface constitutive model

2.2.1 Yield surface
In this study, an interface constitutive relationship has been implemented with a frictional Mohr-
Coulomb plasticity model. Non-associated plasticity and nonlinear work softening rules have been
implemented to describe an entire range of interface responses from fully bonded to debonded
cases. The model is capable of capturing initial elastic response followed by nonlinear post peak
softening tail, which is commonly observed at cohesive interfaces under shear loading.

The Hyperbolic Mohr-Coulomb friction model, as defined by Zienkiewicz and Pande (1977)
and Carol et al. (2001), was implemented as the interface constitutive model. This relationship
is shown in equation (4). The hyperbolic yield surface was chosen because of its suitability to
plasticity equations where gradients of yield surface need to be calculated. Smooth yield curves
are always desirable in plasticity gradient calculations. The shape of the yield curve and also the
potential surface are shown in Figure 2.

where τeq = √
σ2

ns + σ2
m is equivalent tangential tractions; σnn is normal traction; s is tensile strength;

c is cohesion; and φ is friction angle.
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Figure 2. Yield and potential curves (after Carol et al., 2001).

Figure 3. Illustration of interface dilation with a saw-tooth idealization.

As mentioned earlier, non-associated and associated flow rules were implemented together to
better control dilation, which can be crucial in understanding interface behavior under shear loading.
Prior to presenting that non-associated plasticity is related to the dilation response of the interfaces,
it is important to describe the dilation phenomena. Dilatancy is best described as the change in
volume associated with the distortion of granular materials. In this case, dilation is limited to the
interface, and it occurs when asperities on contacting surfaces override each other. In this particular
case, aggregate to aggregate contact generates a rough surface at the interface and as the upper layer
starts to shear on top of the bottom layer. The movement occurs horizontally as well as normally
on the interface plane. This causes normal expansion to the interface plane in addition to shearing.
This phenomenon is illustrated in Figure 3. Roughness at the contacting surfaces is idealized with
this saw-tooth type of model.

The non-associated flow rule relates the gradients of potential surface to the plastic interface
displacement through plasticity parameter as shown in equation (5). When the interface is under
compression only, non-associated plasticity becomes active as given by equation (7).
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Figure 4. Close-up view at the yield and potential curves with gradient illustrations.

Figure 4 illustrates the significance of using the non-associated flow rule; and the gradients at
yield and potential curves are graphically illustrated. As seen in the figure, yield surface gradients
produce approximately similar magnitudes of horizontal vectors at each point representing the
relative displacements in the positive normal dilation. On the other hand, potential surface gradients
vary from low to high normal pressures. For example, potential surface gradients deviate from
yield surface gradients as normal pressure increases. After a predefined point illustrated by (A),
potential surface gradient dives towards the positive y-axis, which makes the horizontal component
of the gradients zero; hence the normal component of relative displacement. This method provides
flexibility to describe various levels of dilation depending on the interface roughness.

2.2.2 Softening rules and interface debonding mechanism
Strength degradation at the interface level is implemented with the nonlinear softening rules as
described by Carol et al. (2001). These functions, as given by equations (8) and (9), show how
strength parameters degrade as a function of plastic work. Nonlinearity in the post-peak softening
region provides better agreement with the experimental results.
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Figure 5. Evolution of yield surface (Carol et al., 2001).

where the scale parameter is given as follows:

where, GI
f and GII

f are the failure energies in mode-I and mode-II; φ0 is initial friction angle; φr is
residual friction angle; c0 is initial cohesion; s0 is initial tensile strength; and W is the plastic work
done at the interface.

According to this, yield surface evolves from its original position to a residual surface where
only simple friction is left. This evolution is presented in Figure 5. As shown, the yield surface first
translates to the origin until tensile strength is fully degraded. Tensile strength is fully consumed
when plastic work (W) becomes equal to GI

f . Following that, it shrinks to a residual surface where
the cohesive strength is degraded fully. This happens when plastic work (W) is equal toGII

f . This
mechanism is consistent with cracking in mode-I (tensile separation) and mode-II (shear sliding).
Therefore, this type of interface model has also been used in cracking problems; especially for
brittle materials. Yield surface defined for interface failure in this case can also be considered as
cracking potential as defined by Carol et al. (2001). The advantage of this developed model is the
inherent frictional feature which can be crucial in mixed mode cracking cases.

3 NUMERICAL EXAMPLES AND APPLICATIONS OF THE INTERFACE MODEL

3.1 Mixed mode loading conditions

A numerical example illustrates some of the important features of the developed model. Three
dimensional interface elements are inserted in between two deformable elastic bodies as shown
in Figure 6. Various combinations of loading are applied to generate a variety of traction states at
the interface level. Loading states (a) to (c) are combinations of shear and compression whereas
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Figure 6. Interface loading conditions in a numerical example.

Figure 7. Loading history in the traction space.

(d) to (g) are combinations of shear and tension. Therefore, this test generates almost an entire
range of loading conditions including pure shear and pure tension. Interface parameters for this
example are the following:

Tensile strength and cohesion = 0.355 MPa
Normal and tangential stiffness = 0.15 MPa/mm
Friction angle = 30◦
Fracture energies GI and GII = 1.05 and 1.40 N/mm

These loading states are also shown in the form of a loading path in the traction space. Figure 7
presents the loading paths associated with each loading state. The loading path basically shows the
history of loading or traction levels at a material point until it approximates to the yield surface
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Figure 8. A material point traction displacement response at various loading conditions.

(elastic state) and beyond the yield surface (plastic state). Once the traction levels at this material
point hit the yield surface, the interface starts softening until it reaches a residual level as shown by
the arrows in Figure 7. Each point in the plastic state, therefore, represents a point on the evolving
yield surface.

In addition to the history of loading, it is also important to show the traction-displacement
response at the same material point. Figure 8 shows the traction-displacement curves for each
loading combination. The normal compression effect on shear traction and the effect of shear
traction on tensile strength are shown in Figure 8(a) and (b), respectively. It is evident from a
frictional model that as normal compression increases from 0 to 0.1 MPa, shear resistance also
increases depending on the friction angle. Increasing maximum shear strength and also residual
shear strength is clearly shown in Figure 8(a). On the other hand, existence of shear tractions when
interface is subjected to tensile separation significantly decreases the maximum tensile tractions
as shown in (b). This numerical example illustrates the effect of various mixed combinations of
loading conditions.

3.2 Comparison with direct shear experimental data

The developed interface model is also used to simulate the direct shear experiment conducted as a
part of tack coat effectiveness study (Leng et al., 2008). The objective of the experimental study is
to investigate bonding conditions between hot-mix asphalt (HMA) and Portland cement concrete
(PCC) layers. Several parameters were investigated including various tack coat materials, tack
coat application rate, temperature, and surface texture. The tests were conducted at zero normal
pressure. Test results provided a wide range of data to test the accuracy and robustness of the model.

Maximum shear tractions obtained from the tests at three various temperatures (10◦C, 20◦C,
and 30◦C) for three replicates are presented in Figure 9. Analytical yield surface given by equation
(4) is also presented. In the absence of tensile strength data, the tensile strength is simply assumed
to be equal to cohesion. A limited number of tests also indicate that normal pressure dependency
is insignificant. Therefore, the friction angle is taken at 3◦.

Once yield surface is obtained utilizing the testing results; finite element simulations were
conducted for each set of input parameters at three various temperatures. Figure 10 shows the
comparisons between testing results and model output. Results show that interface strength, when
tack coat is incorporated, is temperature dependent. After the interface reaches a maximum value
of shear traction, debonding occurs gradually until it reaches a residual state. The developed model
successfully captures the testing results in the entire range of response. The results are obtained
without any calibration, as shown with yield surface derivations, which suggests the suitability of
the model for this application.
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Figure 9. Model yield surface with experimental data.

Figure 10. Model results with experimental comparisons.

4 CONCLUSIONS

In conclusion, this paper presents a frictional interface model developed in a plasticity framework.
The researchers implemented non-associated plasticity with nonlinear softening rules to capture the
responses of interfaces and to simulate dilation at the interface level. The developed model with its
inherent frictional nature is ideal for use with interface problems especially under various loading
conditions (pure tensile, pure shear, shear with compression, and shear with tension). Dilation, also
known as volumetric expansion due to surface roughness, can play a significant role in interface
response especially at rough interfaces under shear loading. Although dilation is usually neglected
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in most interface models due to its complexity, this model’s approach is very well suited to handle
dilation phenomena with sufficient accuracy. In addition, nonlinear softening rules add another
sophistication level to the plasticity formulations but at the same time provide extensive flexibility
to capture debonding at the interfaces. Interface elements and constitutive models were generated
using ABAQUS user elements.

One of the main contributions of this study is the implementation of algorithmically consistent
tangent operator to an interface debonding model. The consistent tangent operator was derived
and implemented in the UEL algorithm. This resulted in faster convergence in the finite element
simulations.

Mixed-mode loading conditions were investigated to demonstrate the versatility and robustness
of the model. In addition, laboratory test results were used to validate the model. Good agreement
was obtained between the model and laboratory testing results at various temperatures. With further
modifications, this model has the potential to be implemented for use in characterizing cracking
problems. The frictional feature and dilation control of the model can be especially useful for
modeling cracks in mixed mode.
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ABSTRACT: This paper focuses on an experimental mechanical study of the bond fatigue life
of composite (concrete over asphalt) pavements. This in-situ experiment is based on the use of
an accelerated pavement testing facility (FABAC fatigue device). With the support of the French
cement industry, a pavement section similar to an Ultra Thin White-topping structure has been
realized at the LCPC-Nantes Center. Vertical joints of plain concrete have been loaded up to one
million cycles. A non destructive seismic method, COLIBRI device, has been used to follow the
interface debounding. Combined with core observations, it is possible to propose the accelerated
fatigue damage scenario of such a composite pavement. The bond as well as the layers has been
damaged by fatigue. These damages depend on temperature conditions wheel positions and inter-
face treatments. Specific modeling and laboratory fatigue tests are proposed to be developed to
deepen the knowledge of these deteriorations.

1 INTRODUCTION

Since 1990’s, composite pavement structures have been raising a significant interest. Among these
structures, those based on the association of a concrete overlay bonded to an existing asphalt sub-
base are studying in this paper. Assuming a long lasting bond between these layers allows a reduction
of layer thickness and therefore a reduction of construction costs (Cole et al., 1998). However, due
to a lack of feedback, the durability of this bond under traffic condition is not granted. Previous
studies have concluded that the weakness of the bond is located in the vicinity of vertical shrinkage
cracks of cement concrete overlay (Pouteau et al., 2002). It is well known that the different elastic
properties of the two media combined to the vertical crack down to the interface leads to theoretical
stress singularities (Chabot et al., 2005). In practice, stress concentrations are expected and need
to be studied in these zones (Fig. 1).

In 2001, due to a lack of long–lasting bond life data, the French government and the cementer
industry proposed to launch a study aiming to a better prediction of lifetime of these composite
pavement structures. This paper gives an overview of the in-situ accelerated loading pavement study
that has been carried on during 2003 in relation to the PhD CIFRE ATILH Pouteau thesis (Pouteau,
2004) (Pouteau et al., 2004b) on composite pavements similar to Ultra-Thin White-topping (UTW)
ones (CIMbéton, 2004) (Qi et al., 2004).

First the experimental study is presented. Then, results coming from non-destructive and destruc-
tive investigations are given. They lead to propose the damage scenario that has been probably
occurred. Finally, specific modeling considerations are noticed before conclude.
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Figure 1. Location of stress singularities at the interface near a crack on a loaded composite pavement
structure.

Figure 2. The FABAC machine, general view.

2 ACCELERATED LOADING PAVEMENT STUDY

At LCPC – Nantes Centre, the large circular Accelerated Loading Facilities (ALF), “Manège de
fatigue” (Autret et al., 1987), can produce interesting fatigue pavement results (Hornych et al.,
2008) but these tests are relatively expensive. For such an in-situ bond fatigue life study, the two
linear ALF, called FABAC (Aunis & Balay 1998), offer an alternative solution at lower cost.

First, the FABAC machines are described. Then the composite pavement test section and its
instrumentation are given before presenting the accelerated loading tests conditions.

2.1 FABAC Accelerated Loading Facility (ALF)

The two FABAC ALF are small heavy traffic simulators built in 1995. The two machines are similar
enough, making it possible to test simultaneously two experimental pavement structures or surface
layer under quite identical loading and environmental conditions. Each machine has four load
modules. They are carried by a chain to apply the load along 2 m of the test track without lateral
wandering (Fig. 2). The weight applied to each load module (twinned or single wheel) varies
from 30 to 75 kN. The wheel speed varies from 0.5 to 7 km/h and the maximal load frequency
is 50 loads per minute. The cumulated traffic is between 200 000 and 320 000 loadings weekly
(http://www.lcpc.fr/fr/presentation/organigramme/div_msc/equip/fabac.php).

FABAC machine main characteristics are: overall length 11.20 m; overall width 2.50 m; total
weight 173 kN; electrical power 50 kVA; complementary equipment: halogen heating system
(25 kVA) for temperature control in the tested pavement (maximal temperature 70◦C).
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Figure 3. The composite pavement test section and the two FABAC machines (Pouteau, 2004a).

Table 1. Materials characteristic of the test pavement section.

Material Theoretical mixes In-situ control

Sand cement Density: 94.7% (OPM)

Asphalt material Particle size distribution : 0/14 Average thickness: 9.6 cm
(GB3) Pure bitumen grade: 35/50 Void content: 7%

Binder content: 4.3%
Fatigue 1 million strain value: ε6 = 91.10−6

Cement concrete Particle size distribution: 0/14 Average thickness: 8 cm
(BC) Type I Portland (CEM I 52.5): 255 kg/m3 air content: 4,8%

Filler: 55 kg/m3; Water: 156 kg/m3 Slump: 3.5 cm
28 days slitting tension strength: 3.3 MPa
28 days compression strength: 32.6 MPa
28 days splitting tension strength: 4 MPa

2.2 Composite pavement test section and instrumentation of the accelerated loading test

The pavement test section has been first designed with the help of the French ALIZE software and
standard materials of its library. This calculus gives rather good global elastic pavement response
although it uses the axisymetric elastic Burmister modelling (1943) that can not take into account
pavement discontinuities and the visco-elastic behaviour of asphalt material either. This pavement
test section has been designed to get the greater interface shear rate between twin wheels. Accord-
ing to the French design method (LCPC-SETRA, 1994) and to bonding or not assumptions, the
pavement test section was expected to resist to more than 1 million cycles of loadings for a 10 cm
asphalt layer thickness (Pouteau, 2004a) (Pouteau et al., 2006a).

The composite pavement test section has been built on a 27.5 m long and 2 m width track.
9 joints (0.5 mm width) have been realized through the middle of the thickness of the cement con-
crete overlay. It produced 10 slabs with 2.75 m long and 1.95 m width (Fig. 3). This test section
is composed of three kinds of joints: (i) shot blasted interface, (ii) no specific interface treatment,
(iii) delaminated interface. This last type of joint has been obtained by using a plastic mem-
brane interposed between the two layers to provide a slippery interface. Standard French twinned
wheels have been used (0.662 MPa per wheel separated from 0.375 m each other). Experimental
measurements gave an average 0.18 × 0.28 m2 contact area for each.

Similar to UTW structures, this pavement test section was built with a 0.08 m cement concrete
(BC) thickness overlay (E = 32600 MPa; ν = 0.35) on a new 0.95 m asphalt material (GB3) thick-
ness sub-base. This composite structure lays on a 0.15 m sand cement thickness capping layer so that
this bi-material structure is assumed to be supported by an equivalent soil with a 120 MPa modulus
and a ν = 0.35 Poison ratio. Table 1 details the material characteristics and in situ control procedures.
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Figure 4. Instrumentation of the “i” joint of the composite pavement test section (Pouteau, 2004a).

For the asphalt material modulus characterization, Huet-Sayegh model (1963) fits rather good
visco-elastic behavior predictions of experimental data. Equation 1 summarizes its complex
modulus that depends on the frequency ω and the temperature θ:

with τ(θ) = exp(A0 + A1θ + A2θ
2) a function of the temperature and three scalar parameters

A0, A1 and A2; parameter E∞ the instantaneous elastic modulus; E0 the static elastic modulus;
k and h are the exponents of the parabolic dampers (1 > h > k > 0) and δ a positive a dimensional
coefficient balancing the contribution of the first damper in the global behavior. In that pavement
section, the GB3 Huet Sayegh Poison ratio used is ν = 0.35 and the modulus coefficients fitted
are: E0 = 40 MPa, E∞ = 32800 Mpa, h = 0.71, k = 0.213, δ = 2.2, A0 = 3.62941, A1 = −0.39557,
A2 = 0.00205. At the French average speed (72 km/h) and the French average temperature (15◦C),
the time-frequency equivalence assumption gives an asphalt equivalent modulus (15◦C–10 Hz)
equal to 13000 MPa. With FABAC devices the speed is 7 km/h, that is to say 10 times less than
the French average speed. As the ratio between the speed of the load and the frequency is also
supposed to be constant (Peyronne & Caroff, 1984), in a first approximation, the frequency taken
into account for the E modulus determination is 1 Hz. Therefore, for pavement elastic calculus,
the equivalent GB3 modulus value at 15◦C is assumed to be E(15◦C–1 Hz) = 8500 MPa and, for a
greater temperature, E(30◦C–1 HZ) = 1100 MPa.

To get mechanical informations near each joint, several sensors have been introduced.
On Figure 4, one can see that three thermal gages have been used for the measurement of cement

and asphalt material temperatures. CiA and CiB are supposed to give informations on possible
relative displacements between the BC layer and the GB layer. LiA, LiB, TiA and TiB denote
respectively the two longitudinal and transversal strain sensors that have been put on the bottom of
the GB3 at 5 cm both side of the joint number “i”. TiC and TiD denote the two longitudinal strain
sensors that have been put at the bottom of the BC at 5 cm both side of the joint.

To test the effect of a shot basting interface treatment with the help of the two FABAC machines,
two similar environmental tests have been performed on two different types of interface (shot basted
or not) between cement overlay and the asphalt layer. Only joints initially perfectly bonded have
been loaded. The first test has been done during summer, loading joints number 3 and 7. The second
test have been done during winter, loading joints number 2 and 6 (Fig. 3).
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Figure 5. Transversal strains at the bottom of the concrete cement layer for joints 2,3,6,7 (Pouteau, 2004a).

3 INVESTIGATION TOOLS AND RESULTS

In that section, gage results for the 4 joints tested (J2, J6 and J3, J6) (Fig. 3) are first presented. Then
a non destructive method and its results are given. The experiment ends with a coring campaign
which gives the opportunity to analyze the last phase of life of this pavement section.

3.1 Gage results and interpretation

The thermal gages indicated that the winter test of joint 2 and 6 has been made at a temperature
contained between 5 to 15◦C. The summer test of joints number 3 and 7 have been tested at 16 to
30◦C before and after the heat wave of summer 2003 (Fig. 3).

Relative displacement measurements between cement and asphalt layers (CiA and CiB) gave
values in the range of the gage resolution. Unfortunately, these sensors were not well located to
be sensible to the delamination process and no useful data provided by them (Pouteau, 2004a).
Thus, during the pavement building and the tests a lot of strain gages at the bottom of asphalt
layers have been unfortunately disabled. Here-under only results on TiC and TiD transversal strain
measurements at the bottom of the BC layers can be used (Fig. 5).

Figure 5 shows that there is a sharp difference between winter tests (joints number 2 and 6) and
summer tests (joints number 3 and 7) in terms of transversal strain at the bottom of the BC layer.
These experimental strain results have been compared to calculation without any discontinuity
assumption (that is to say bounding hypothesis and no joint or crack modelling). Viscoelastic
calculus made with ViscoRoute software that integrates Huet Sayegh law (equation1) (Duhamel
et al., 2005) shows that the viscoelasticity of the asphalt material layer does not affect so much
the structure behavior for the speed and the different temperature values that have been measured
during the tests. Both elastic and viscoelastic calculus made for the asphalt material at 15◦C and
30◦C give higher transversal strain values than longitudinal ones at the bottom of the BC layer. For
winter tests at 15◦C, pavement calculus, under only one load, give strain transversal value around
10.10−6, while at 30◦C for summer tests, they give 50.10−6 to 60.10−6 values depending on the
elastic or viscoelastic calculus assumptions (§2.2). These values are in same range of values than
those obtained on (Fig. 5) at the initial state of joints number 2, 6 and 7.

In addition, for summer tests, the transversal strains at the bottom of the BC layer of the joint 3
(not shot basted) have greater values compared to those obtained for the joint 7 (shot basted).
All these transversal strain values increase until 0.45 million cycle loadings before decreasing.
Increase of strain fits with a growing of debounding interface. Strain decreasing can be explained
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Figure 6. Evolution of the bond interface indicator of joint 7 (shot blasted – hot T◦C) (Pouteau, 2004a).

Figure 7. Evolution of the bond interface indicator of joint 3 (not shot blasted – hot T◦C) (Pouteau, 2004a).

by a vertical crack initiation at the bottom of the BC layer, under the wheel path. On the contrary,
during the winter environmental conditions, no great strain differences can be founded between
joint 2 (not shot basted) and joint 6 (shot basted). The only difference observed is that the strain
field of joint 6 seems to increase a little until the end of the test.

3.2 Non destructive “Colibri” results

To investigate on the evolution of the pavement test section and the durability of the bond of its
interface layers, a non destructive method has been used with the help of the seismic Colibri device.
This method consists on beating the structure with a hammer. Then the seismic pavement response
by means of an accelerometer is measured. Different investigations have been made to find a UTW
Colibri bounding indicator. All details can be found in (Pouteau, 2004a) (Pouteau et al., 2006b). To
summarize, the best UTW Colibri bounding indicator was found for the 1025 Hz to 1318 Hz range
of frequencies. It has been denote Dcol(1025, 1318). That method was used on initial bounding
joint 2, 3, 6, 7, 8, 9 and initial delaminated joint 1, 4 and 5 (Fig. 3). It has been possible to give
typical bounding or delaminated signal envelopes (Fig. 6). With that reference signals, the four
joints tested have been investigated at different loading states among two positions of the wheel
path. Here under, Colibri indicator curves between the two wheel paths (JiPC, i number of the joint)
are presented for joint 7, 3, 6 and 2 on Figures 6 to 9 at different positions from the joint. JiPCinit
indicates the initial state of the joint. JiPC250m, JiPC500m and JiPC1M indicate respectively the
0.25, 0.5 and 1 million of cycle loadings. They are quite similar to those obtained under the wheel
path (Pouteau, 2004a).

From these non destructive results (Figs 6 to 9), it is clear that failure mechanisms have been
located around the joint. On these signals, it was difficult to really notice at the end of the million
cycles of loadings the benefit of the shot blasting interface treatment on bounding conditions.
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Figure 8. Evolution of the bond interface indicator of joint 6 (shot blasted – low T◦C) (Pouteau, 2004a).

Figure 9. Evolution of the bond interface indicator of joint2 (not shot blasted – low T◦C) (Pouteau, 2004a).

Nerveless it might be observed that the summer conditions have been the worst conditions for the
long lasting composite pavement life (Fig. 6) (Fig. 7). For those high temperatures, the shot blasting
interface treatment (Fig. 6) seems to delay the failure debounding process between the BC and the
GB3 layers. Laboratory fatigue test data have confirmed that the shot blasting treatment of interface
between cement and asphalt is important for the long lasting bond life (Pouteau et al., 2004b). But
in relation to Colibri measurements that have been made on a real experimental pavement of the
French national road number 4 (RN4) (Pouteau et al., 2006b), at this state of this study, it is hard to
conclude that the Colibri signal evolution represents precisely delamination phenomenon or more
generally failures among the material layers.

3.3 Core results

To add more information about failure, a core sample campaign has been finally made to link
Colibri results with bounding core states. For each joint, 8 cores have been extracted at several
positions of the wheel path and distance from the joint (Fig. 10). Interface cracking propagation
informations and failure mechanisms had to be found out. On Figure 10 are only presented core
sample photos that have been taken under the wheel path and on the joint (I) , between the two twin
wheel path (II) and under the wheel path at 15 cm before the joint position (D index for joint 2,
C index for joint 6, 3 and 7).

First, according to the first assumptions written in the introduction of this paper, Figure 10 shows
that the loads of the FABAC devices propagated the crack vertically from the joint to the interface
between BC and GB3 layers. This is true for all the type of joints. These vertical cracks located
near the two different material layers produce stress singularities (Fig. 1).

Concerning joint 7 and 3, it can be noticed that hot temperature conditions of loading (from
15◦C to 30◦C) lead to damage easily the interface between layers near the joint (Fig. 10). For joint
3 which its interface is not shot blasted, it seems that the bonding conditions have not been realized
at all. No damages can be seen in its asphalt layer. Under the wheel path, the cement concrete layer

677



Figure 10. Core sample campaign after 1million loadings for joints number 7, 3, 6 and 3 (Pouteau, 2004a).

has been hardly damaged by vertical cracks coming from the interface even if, far from the joint,
there is no delamination observed. These observations can explain the high level of transversal
strain measurements at the bottom of the BC layer (Fig. 5). For joint 7 which its interface is shot
blasted, the top of its GB3 layer have been hardly damaged. It seems that these damages have
occurred before the delamination and the propagation of the vertical crack along the BC layer
under the wheel path. In these two cases, the great difference of modulus value between these two
material layers associated to a thin overlay is an enemy to a long lasting interface bond between
these layers near the joint. In that case, the shot blasted interface treatment between BC and GB3
layers is important to ameliorate the long lasting bond life.

On Figure 10, related to joint 6 and 2, it can be observed that the low temperature conditions of
loading (from 5◦C to 15◦C) lead to damage the asphalt layer. The bond between the two layers seems
to resist. No damages, as vertical cracks, have been observed at the bottom of the BC slayers. The
vertical crack coming from the joint propagated in the GB3 layer in a parallel way to the interface
between layers. High level of shear stresses is supposed to be found. In that case, the effect of
the different interface treatments (shot blasted or not) did not count so much on the conditions of
the long lasting bond life compared to the shear mechanical performance of the GB3 layer.

These fatigue tests and this study have to be linked to more data before conclude.

3.4 Damage scenario

From all of these experiment observations, temperature effects on the ratio of modulus between the
cement and asphalt material and the load positions from the joint seem to be the more damageable
effects of the long lasting bond life of such a composite pavement. These first conclusions lead to
propose a damage scenario of this composite pavement test section (Fig. 11) (Pouteau, 2004a).

From the core campaign and Colibri measurements, it has been confirmed that the first failures
appear upon the joint between the two wheel paths. Then, depending of the temperature, cracks
propagate along the joint under the wheel path. They generate a delamination between the BC and
the GB3 layers or cracks parallel to the interface in the GB3 layer. Finally, when a delamination
between layers exists vertical cracks appear at the bottom of the BC layer.

4 PAVEMENT MODELING CONSIDERATIONS

To add more information on that deterioration process and to get finally failure criteria of such
a pavement structure, it is necessary to link these experimental results to careful analyses of the
3D stress field state. Due to existing singular stress fields located near the vertical crack of the
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Figure 11. Damage scenario.

cement concrete overlay and the interface of these two different material media (Fig. 1), it is hard
to analyze easily these 3D stress fields with classical modelling and FEM 3D.

Since 2001, it is proposed at LCPC to develop and make a proper analysis of crack initiation
and propagation in such a cracked pavement structures. This approach is destined to be used by
engineers. A 3D simplified model (named the Multi-particle Model of Multi-layer Materials, M4)
linked to the Boussinesq model for the soil (M4-5nB) has been developed (Tran et al., 2004). It
has the advantage of reducing the real 3D problem to the determination of regular plane fields
(x, y) per layer and interfaces. M4-5n modelling approach makes possible simple determinations of
delamination criteria (Caron et al., 2006). M4-5nB computations are in good accordance compared
to 3D FEM results and need less time consuming (Chabot et al., 2005). Several inelastic fields can
be introduced as data for the modelling of shrinkage, thermal conditions and debounding effects
(Chabot et al., 2007). A software tool is under development.

With that so-called M4-Boussinesq model, it has been proposed to analyze the initial mechanical
fields of that in-situ experiment (Chabot et al., 2004). This modelling shows in simplified modelling
conditions that, when the load is located at the edge of the joint, the interface pavement composite
system is loaded in mixed mode conditions. In fact, it gives maximum shear and normal stress fields
at the edge of the crack at the interface between the concrete and the asphalt layers. These results
needs to be examined in greater details under real experimental conditions (free edges along the
transversal-axis; inclusion of thermal gradient effects in the thin bonded cement concrete layer; real
distribution of tire/pavement contact; comparison with instrumentation-based measurements; anal-
ysis of visco-elastic effects from asphalt material, etc.) (Chabot et al., 2007). Nevertheless, this mod-
eling finds that the normal interface stress is highly in compression underneath the load and remains
significant in tension on the unloaded side. These interface stress fields produce debounding.

To help engineer to find the best realistic and resistant bi-material couple, it is necessary to
deepen this work with the help of bi-material specimens controlled with mixed mode laboratory
fatigue tests. A first tentative approach has been made for the BC and GB3 materials of this
study (Pouteau et al., 2002) (Pouteau, 2004). M4-5n approach help to design the lab specimens
for optimizing the delamination of the interface. These lab experiments shown that a shot blasted
interface could stop and delay the debounding. But in such a bi-material couple, due to the parasite
effect of the visco-elastic behavior of the asphalt material, another specific flexural laboratory tests
have to be developed. Those produced by the so-called “Mefisto” device (Vecoven, 1990) or by
the new laboratory test proposed at ENPC by (Florence et al., 2004) should be better candidates to
these experimental studies.

5 CONCLUSIONS

This study deals with an experimental in-situ performance of a pavement bound interface between
a thin cement concrete layer and an asphalt one (Pouteau, 2004). The traffic loading is simulated
by means of two LCPC linear Accelerated Loading Facilities, call FABAC devices. These FABAC
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devices simulate heavy traffic by applying the passage of 6.5 tonne twin axle repeatedly loads.
After a million passages of this reference axle on different pavement joints, fatigue damage have
been observed. It has occured as well at the interface between layers as in the concrete and the
asphalt materials. Transversal strain measurements at the bottom of the BC layer, non-destructive
Colibri measurements combined with core sampling after the tests, make it possible to reconstitute a
structural deterioration scenario. These tests had shown that the temperature and the position of the
load near the joint are the most damageable factors. Especially for hot temperature environmental
conditions, it also has being shown that a shot blasting interface treatment delay the delamination
between the cement overlay and the asphalt layer. During lab test on bi-material specimen, the
effect has been also observed for low temperature.

To find a simple delamination criteria to use and design recommendations, it is proposed to
deep the mechanical understandings of this deterioration with the help of a specific modeling and
laboratory fatigue bi-material tests. Connected to reflective cracking ALT-APT experience done by
(Pérez et al., 2007), these studies help to develop of a laboratory equipment to evaluate the crack
propagation of such a cracked pavements. These investigations are proposed to be continuing in
relation to a LCPC research program called Fondephy (http://or.lcpc.fr/fondephy).
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ABSTRACT: The elastic fields in an overlay bonded to a stiffer substrate are investigated, when
the system is subjected to thermally induced stress. A two-dimensional solution of the displacement
field is derived for periodic discontinuities distributed in a hot mix asphalt overlay bonded to a
Portland Cement Concrete pavement, where the length of the pavement before cracking develops
is much larger than its layer thickness. Energy release rates are calculated from the model for three-
dimensional channeling. By comparing the energy release rates with the fracture toughness of the
overlay, crack initiation and crack spacing for a given temperature change can be estimated. The
solutions are valuable to the pavement analyst who seeks to understand the general mechanisms
of thermally induced pavement deterioration and for the researcher wishing to perform early stage
verification of more complex pavement models.

Keywords: Thermal stresses; Fracture mechanics; Asphalt overlay; Rigid pavements; Cracking.

1 INTRODUCTION

Hot Mix Asphalt (HMA) pavements are typically overlay/substrate systems with one or more
asphalt concrete layers constructed upon either: granular aggregate layers; compacted soil layers
(sometimes cement- or pozzolanically-stabilized), or, in case of pavement rehabilitation; existing
Portland Cement concrete slabs. When an asphalt pavement is subjected to a thermal loading due
to the ambient temperature change, thermal cracking can form across the width of the pavement
[1]. Thermal cracking is one of the most devastating distresses that can occur in asphalt pavements
in cold climates. Various empirical and “mechanistic-empirical” models [1–3] have been proposed,
in which various field observations and laboratory experiments were conducted to predict crack
spacing in asphalt pavements.

The aforementioned empirical models have provided good insight towards the factors underlying
crack development and crack spacing in asphalt pavements. However, the thermal stress distribution
in pavements, a dominant factor controlling thermal crack development, has not been directly
investigated in those models. To analyze the elastic fields of pavements, finite element method
has been widely used to calculate the local stress and strain [4–6]. Since the quality of numerical
simulations depends on the quality of meshing (e.g. discretization aspects), it is not straightforward
to extend the results to general cases. Thus, analytical solutions are a valuable tool for researchers
for model verification, and ultimately, to gain a better insight into mechanical responses and damage
mechanisms in pavements.

One-dimensional (1D) models [7–9] have been developed to predict tensile stress distribution in a
pavement with frictional constraint. The frictional force from the substrate is balanced by a uniform
tensile stress along the thickness of the overlay. Because the frictional shear forces reside at the
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Figure 1. An asphalt overlay fully bonded to a thick base-layer: (a) the lateral view of the cracks, and;
(b) one section between two cracks with a fully-bonded interface.

bottom of the pavement, considerable shear stress will be induced along the bottom of the overlay
but vanishes at the unrestrained upper surface of the pavement. Since a 1D model can neither solve
the shear stress distribution in the overlay nor consider the temperature field along the thickness,
a two-dimensional (2D) model is necessary to accurately describe the thermal stress distribution.

Beuth [10] presented solutions for fully and partially cracked film problems for elastic films
bonded to elastic substrates with one crack. Hong et al. [11] developed a model to predict the crack
spacing and crack depth in highway pavements assuming that the effect of a crack in the overlay
could be described by an increase in effective compliance. Xia and Hutchinson [12] and Shenoy et al.
[13], respectively, investigated the crack patterns in the overlay and proposed an elastic solution
in the integral form using dislocations as the kernel functions. Due to the diversity of pavement
design and construction procedure, thermal cracking may develop within asphalt pavement in
various forms, which depend on the corresponding loading conditions and boundary conditions.

Yin et al. [14] presented an explicit elastic solution for an overlay resting on a granular base
considering frictional boundary condition and fully thermal discontinuities. Recently, a series form
solution was obtained for partial-depth cracks within asphalt overlay rested on rigid pavements,
in which the stiffness of rigid pavements are assumed to be infinite [15]. This paper investigates
the elastic fields due to low temperature cracking in a HMA overlay bonded to a Portland Cement
Concrete (PCC) pavement as seen in Fig. 1, where the stiffness of the PCC is typically higher than
that of the asphalt layer, and the joint spacing of the PCC pavement is much higher than the thermal
crack spacing of the asphalt overlay. Therefore, the effect of reflective cracking of the base layer is
not investigated in this study.

A two dimensional elastic solution is derived for a section of pavement surface between two dis-
continuities within the overlay. From this solution, the energy release rate of the three-dimensional
channeling cracks is calculated. Using Beuth’s exact solution [10] of energy release rate for one
crack occurring in an infinitely long section, the closed-form solution for a finite width pavement
section between cracks is derived. Comparisons to FEM simulations are then provided to verify
the accuracy and applicability of the proposed solution.

2 FORMULATIONS

Consider a long asphalt pavement (thickness h,Young’s modulus E, Poisson’s ratio v, thermal expan-
sion coefficient α) resting upon a base-layer (see Fig. 1). With a drop in ambient temperature, the
asphalt overlay is subjected to a larger contractive deformation than that in the base-layer. When the
thermal stress reaches a certain value, uniformly spaced thermal cracks may initiate. Because
the width of pavements is much larger than their depth, the stress gradient in the width direction is
small. Based upon a periodic boundary condition, two-dimensional stress/strain distributions in a
section between two neighboring cracks can be analyzed, which describe the mechanical fields in
the overall pavement.
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Because the pavement is fully bonded with the base-layer, the bottom of the pavement can be
assumed to remain in plane (i.e., in a horizontal plane). Because the thickness of the pavement is
much smaller than its length and the top surface is free, generally the top surface of the pavement
remains approximately in plane during the temperature change if a negligible amount of uplift due
to curling occurs. Thus, we assume that all points of a plane normal to the y direction is still in the
same plane after deformation, i.e.,

For this two-dimensional elastic problem, the constitutive law reads

where ᾱ denotes the difference between the coefficients of thermal expansion for the asphalt overlay
and the base-layer. Considering the equilibrium condition in x direction, we can write

Using the method of separation of variables, we can find the general solution as

where A1, A2, B1 and B2 are constants to be determined via boundary conditions, and where

From the symmetry of the geometry and the free upper surface, we can write

Using the above boundary conditions, we simplify Eq. (4) as follow:

Due to the temperature change, there exists a contractive mismatch thermal strain in the overlay,
written as ε0

x . Because the overlay is fully bonded to the thick base-layer, thermal stress will be
induced and cracks may form when the stress is beyond the strength of the asphalt materials. To
solve the stress distribution in the asphalt overlay, a 2D Cartesian coordinate system is setup with
the origin at the central bottom of the section. The plane strain problem is considered.

The displacement field in the asphalt overlay in Fig. 1(b) can be obtained by superposition of
the following two problems: First, the asphalt overlay is subjected to both the thermal strain and
an imaginary tensile stress (see Fig. 2(b)), and the final displacement is zero. Second, the asphalt
overlay is subjected to the corresponding compressive stress, but no thermal strain exists in the
overlay (see Fig. 2(b)). The displacement field can be obtained by the general displacement solution
in Eq (6), in which two parameters are to be determined as B and c.

At both ends, stress σx = −E1ε
0
x . Due to assumptions of Eq. (1), this boundary condition cannot

be rigorously satisfied at every point. However, the total normal force should be zero, namely

The substitution of Eq (6) into Eq (2), and Eq (2) into Eq (7) yields
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Figure 2. Schematic illustration for solving the elastic field in one section: (a) the overlay subjected to a
mismatch contractive thermal strain; (b) the overlay subjected to the thermal strain and an imaginary tensile
stress, and; (c) the overlay subjected to the imaginary compressive stress.

To obtain the parameter c, Xia and Hutchinson’s method [12] is used, in which comparison of
the energy release rate with the exact solution provides

The detailed derivation of the above equation is given later. Here the function g(α, β) is illustrated
in Fig. 3. It depends on Dundur’s parameters, α and β, namely,

with E0 = E0/(1 − v2
0) and µ0 = E0/[2(1 − v0)]. Fig. 3 shows the function g(α, β) for β = 0 and

β = α/4 [10], respectively. For convenience of the later simulation, g(α, β) is fitted by a function
(see Fig. 3) as:

Fig. 3 shows that the dependence of g(α, β) on β is weak except when α close to −1 [12]. Thus,
the fitted function in Eq (11) will be used to approximate g(α, β) in the following simulations.

The combination of Eqs. (6), (8), and (9) provides a closed-form elastic solution for the reduced
problem. Then, the total displacement and stress fields in Fig. 1(b) are:

and

with B in Eq (8), d and c in Eq (9).
Eq. (9) is derived by comparison of the energy release rate of the crack in this solution with the

exact solution provided by Beuth [10]. Consider the section in Fig. 1(b) with two discontinuities
at the both ends and with a large width compared to the thickness. When the external mechanical
loading in the substrate increases, a straight, steady-state channeling crack will initiate at the middle
edge of the section and propagate in the −z direction as seen in Fig. 4. Far ahead of the crack front,
the elastic fields are not influenced by the crack and are written in Eqs. (12)–(14). Thus the tensile
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Figure 4. Schematic illustration of three-dimensional channeling.

stress at the symmetric plane is

with σ0
x = E1ε

0
x , and the shear stress is zero.

Far behind the crack front, the pavement is cracked into two sections, and the elastic fields in
each section can also be obtained by Eq. (12) by replacing λ by λ/2 in the new local coordinate
system. Then we can solve the crack opening displacement as:
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To recover this crack opening displacement, the stress in Eq. (15) has to be applied along the
cracking surface. Thus, the energy release rate of the crack front can be obtained as the work done
to close the crack opening displacement [10], namely,

Because the free boundary condition in Eq. (7) cannot rigorously be satisfied at every point
along the crack surface, we used the averaged stress along the thickness to represent the local
stress. Here we also use the averaged stress in Eq. (17), such that the energy release rate can be
explicitly written as

which provides the same form as Xia and Hutchinson’s results [12] (Eq (30) of the Ref.) by setting
l = h/c.

When the section is infinite long, i.e. λ → ∞, Eq (17) is reduced to

Beuth [10] also proposed the energy release rate averaged over the front of a semi-infinite isolated
crack as

where g(α, β) can be further approximated by Eq (11) as a function of α. These two cases should
be equivalent [12], so that the following is obtained

This equation has been used to calibrate the constants c and d in Eq (9).

3 COMPARISON WITH FEM SIMULATION

If this periodic section is extended to the total surface layer, the geometry and the loading at a crack
surface is the same as the fully cracked problem of Beuth [10] except that the former considers the
periodically distributed discontinuities but the latter considers only a single crack. From Eqs. (6)
and (8), we can solve the work done by the external loading as

To verify the integrity of the proposed analytical model, comparisons are made with the FEM
simulation by ABAQUS. Due to the symmetry of the problem, only half of the section is modeled
by 240 × 40 four-node quadrilateral elements with equal size under plane strain. Because a singular
point exists at the edge of the interface, the FEM mesh shown in Fig. 5 includes refined elements
in the vicinity of that point. The x-directional displacement along the symmetric plane and the end
of the substrate is constrained. Here the thickness of the substrate is 20 times that of the surface
layer, and 11260 four-node quadrilateral elements are used. To simulate variable section length,
transformation of the mesh in the x-direction was employed.
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Figure 5. Finite element mesh used to model half of the geometry of the reduced problem. (a) Total mesh
and (b) refined mesh at the vicinity of the singular point.

Figure 6 shows the external work calculated by Eq (22) with comparisons to FEM simulations.
With theYoung’s modulus of the substrate E0, the external work reduces and is finally convergent to
a constant. When the interface or substrate is stiff, namely, E0/E1 > 1, the cases of λ = 12 and λ = 6
provide the same result. Thus, the edge effect can be disregarded. However, when the interface or
substrate is compliant, the case of λ = 6 gives a considerably lower result than that of λ = 12. As for
asphalt overlay bonded to PCC pavements, typically the PCC is considerably stiffer than the asphalt
materials. In this case, the solution produces a very estimate of the fracture energy consumed by
low temperature cracking.

Figure 7 illustrates the comparison of the solution with the FEM simulation for the shear stress
and displacement distributions. To show the effect of the stiffness of the substrate, two cases of
E0/E1 = 100 and E0/E1 = 1 are considered. For a stiffer substrate, i.e. E0/E1 = 100, the proposed
solution provided an excellent prediction for both the shear stress and displacement distribution.
However, when E0/E1 = 1, the difference between the proposed solution and the FEM results is
still considerable. The reason is that the assumption of a plane surface in Eq. (1) is not accurate
due to the weaker constraint from the substrate during cracking. Therefore, the accuracy of the
proposed solution is not good when the stiffness of two layers is very close.
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Figure 7. Comparison of the proposed solution with the FEM simulation: (a) the shear stress distribution
along the bottom of overlay and (b) the displacement distribution along the top and bottom of overlay. Curves
denote the theoretical predications; symbols used for FEM results.

4 APPLICATION TO FRACTURE ANALYSIS

From the above verification, we find that the proposed solution provides a very good prediction
for a compliant overlay bonded to a stiffer substrate, so it can be applied to asphalt overlays placed
on PCC pavement. The interfacial shear stress distribution is very important for evaluation of the
interfacial shear strength [14, 15]. Combining Eqs. (8) and (14), we obtain an explicit solution of
the interfacial shear stress as

from which the interfacial shear stress can be solved with c defined by Eq. (9). Obviously, it is dif-
ferent from Agrwal and Raj’s assumption [14] where they used a sine wave function to approximate
the interfacial shear stress. In Fig. 8, we can find that at the singular point (x/λ = 1), the shear stress
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Figure 8. Interfacial shear stress distribution for the thin film fully bonded to a rigid substrate with the
thickness h/λ = 0.25, 0.1, and 0.05.

is almost same for each the ratio of h/λ because the thickness h is typically much smaller than
the crack spacing and then tan h(cλ/h) is convergent to 1. The shear stress exponentially decreases
from the singular point and finally reaches zero at the symmetric point. The smaller the ratio of
h/λ, the higher the rate of decay. Thus, for a very thin surface layer, the interfacial shear stress
is only concentrated in the neighborhood of the singular point. When the shear strength along the
interface is given, comparing the maximum shear stress and the shear strength, we can determine
whether curling will occur in an asphalt overlay subjected a low temperature load.

When the fracture energy of the asphalt material is provided, we can also predict the crack spacing
under a certain temperature change for an asphalt overlay placed on a PCC pavement. Because the
proposed model uses elastic material properties and corresponding experimental data for asphalt
pavements is limited, here we compare with the experimental data conducted by Thouless et al.
[16] with metallic materials. PrBa2Cu3O7−x overlays bonded to SrTiO3 substrates were tested to
observe the relation between the crack spacing and overlay thickness under a temperature loading.
Elastic constants for SrTiO3 were given as E0 = 267 Gpa and v0 = 0.24. The Young’s modulus of
PrBa2Cu3O7−x and tensile strain were E1 = 102 Gpa and ε0

x = 0.02 respectively. In our numerical
simulations, both the Poisson’s ratio of the overlay was taken as v1 = 0.32. Using Eq.(9), we can
determine that c = 0.631.

Figure 9 shows a comparison with the experimental data [16] for crack spacing as a function of
overlay thickness with the proposed prediction for the fracture toughness of the overlay as �cr = 5.5,
6.5, and 7.5 Jm−2, respectively. We see that the curve for �cr = 5.5 Jm−2 fits the experimental data
very well. With the increased overlay thickness, the crack spacing becomes larger. However, a
critical thickness exists for each curve of the fracture toughness, below which the crack spacing
quickly increases to be infinite. Thus, the crack spacing does not monotonically increase with the
overlay thickness. The critical thickness increases with the fracture toughness of the overlay and the
quantity of c. Although asphalt pavement materials are not purely elastic materials, this analysis
shows that a critical thickness of the asphalt overlay exists, below which the low temperature
cracking might be eliminated or significantly reduced.

5 CONCLUSIONS

An analytical model is presented to investigate thermal cracking in asphalt pavements. Using the
boundary and loading conditions, we obtain the solution for an asphalt overlay fully bonded to a
thick PCC base-layer. Comparisons of the solution with the FEM simulations show that the proposed
model provides accurate predictions of the elastic fields. Using this solution, the energy release
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Figure 9. A comparison of the experimental data for crack spacing as a function of overlay thickness with
the proposed predictions for different fracture toughness of the overlay.

rates can be calculated for 3D channeling. Fracture analysis of asphalt pavements is conducted
based on strength and energy criteria. Potential benefits in using thin asphalt overlays over PCC
are suggested by the model.
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ABSTRACT: Asphalt overlay has been largely the pavement rehabilitation method for both
asphalt and concrete pavements. However, asphalt overlay is susceptible to the deterioration due
to the distresses in underlying pavements. Therefore, proper selection of pre-overlay repair and
overlay construction method is critical to overlay pavement performance. This study addresses a
statistical analysis of overlay performance to identify factors that could mitigate reflective cracking
in overlay. Data related to previous overlay design, materials, and construction was reviewed and
analyzed, such as as-built plan, pre-overlay condition, overlay materials, overlay thickness, pre-
overlay repair, maintenance history, and overlay performance. A concept of distress development
rate, as opposed to overlay pavement condition rating, was defined as the overlay performance
to characterize overlay performance. It was found that for existing concrete pavement, full-depth
doweled concrete repair is needed to control reflective cracking in asphalt overlay. It was also found,
the amount of pre-overlay repair greatly affects the overlay performance. Increasing the ratio of
overlay thickness to milling depth could effectively mitigate the reflective cracking in overlay on
existing asphalt pavement.

1 INTRODUCTION

A large percentage of the asphaltic paving projects performed in Wisconsin are asphalti overlays
of existing asphaltic or concrete pavements. The conditions and distresses in these pavements vary
considerably when they are chosen for overlay, and the amount and methods of pre-overlay repairs
also vary widely. This lack of consistency in the pre-overlay repair leads to large variations in
the performance of these asphaltic overlays. Hall et al. (2002) studied the effects of rehabilitation
methods on performance of asphalt overlay, using Long Term Performance Program (LTPP) data in
National Cooperative Highway Research Program (NCHRP) project 20–50. For flexible pavement
rehabilitation, the data from LTPP SPS-5 and GPS-6B sections indicated that no significant mean
differences were detected in long-term rutting between virgin versus recycled mixes, minimal versus
intensive preparation, or thin versus thick overlays. For asphalt overlay of concrete pavement, it was
reported that no significant differences in the annual rate of change of rutting was detected among
the various groups of asphalt overlays of intact slabs, nor between 101.6 mm (four-inch) versus
203.2 mm overlays of cracked/broken and seated slabs. Harvey et al. (2001) used a heavy vehicle
simulator to study the asphalt overlay performance on existing asphalt pavement. It was found
by Harvey et al. (2001) that the asphalt overlay failed by reflection cracking, instead of fatigue
cracking or rutting. The failure due to reflection cracking was verified by mapping the cracks in
the existing asphalt pavements and overlays.

However, the pre-overlay repair methods have been empirical in Wisconsin and the United
States. A standard method of surface preparation would make the performance of these overlays
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more consistent and thus easier to determine more accurate life cycle costs. The amount of surface
preparation is also determined largely in the field during construction and this leads to increased
project costs or an understanding that the proper amount of work is not done to the existing pavement
in order to maintain the project budget. A standard set of guidelines to determine the amount of
surface preparation or rehabilitation prior to asphaltic overlay that would address concerns during
design and construction would provide this consistency along with more accurate and stable project
budgets for this type of work.

The performance of overlay using different pre-overlay repair methods was evaluated in this
study. Factors affecting the overlay performance were also investigated. The objective of this study
is to identify the best practices for overlay performance by retrieving and analyzing the performance
overlays in Wisconsin, USA.

2 DATA ANALYSIS

Asphalt overlay could be the rehabilitation method for both asphalt and concrete pavements. Prior
to the asphalt overlay, the major distresses in an existing asphalt pavement may include block crack-
ing, alligator cracking, transverse cracking, longitudinal cracking, raveling, rutting, and distortion,
according to the Wisconsin Department of Transportation (WisDOT) Pavement Surface Distresses
Manual. The major distresses in an existing concrete pavement may include slab breakup, distressed
joint/cracks, surface distresses, longitudinal joint distress, and transverse faulting. Additional dis-
tresses for continuous reinforced concrete pavement could be wide cracks, punch outs, diagonal
cracking, pavement deterioration, and delamination.

2.1 Current pre-overlay repair methods

The severe distresses in existing pavements need to be repaired prior to the asphalt overlay to provide
a uniform support to the overlay. For existing asphalt pavements, milling and overlay is often used.
The milling depth depends on the conditions of existing pavements and other constraints. The
milled asphalt materials could be disposed or re-laid underneath the asphalt overlay, namely mill
and relay. When the existing asphalt pavements are severely deteriorated, pulverization could be
used prior to the asphalt overlay. The pulverization depth is down to either the bottom of asphalt
layer or sometime partial or full-depth into the base course, namely full-depth reclamation (FDR).
Occasionally, asphaltic base patching is used to repair the localized distresses.

For the existing concrete pavements, the distressed transverse/longitudinal joints and transverse
cracks are generally repaired prior to the asphalt overlay. Severely cracked slabs are also replaced.
The pre-overlay repairs of distressed joints/cracks in the concrete pavement often consist of two
methods: full-depth repair and partial-depth repair. Full-depth repair is often referred to base
patching. Three base patching methods are often used in WisDOT projects: asphaltic base patch-
ing; non-doweled concrete base patching; and doweled concrete base patching. For non-doweled
concrete base patching, the sawcutting could be full-depth or partial-depth followed by full depth
removal of concrete. The partial-depth sawcutting is intended to increase the load transfer by
concrete aggregate interlocking. For concrete base patching, the PCC concrete could be regular,
high-early strength concrete, or special high-early strength concrete, depending on the time needed
to open the road to traffic.

2.2 Analysis approach

To evaluate the effectiveness of pre-overlay repair, the overlay performance has to be evaluated.
Except for IRI and the rut depth, other distresses are surveyed manually and the extent and severity
of the distresses are classified. Every 161-meter segment is surveyed for a 1.6 km section. WisDOT
assigned a weight factor matrix to each distress taking into account of combination of severity and
extent. These coefficients are used to represent the effect of a specific distress in calculating the
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Table 1. Example of weight factor matrix for alligator cracking.

Severity
Weight factor
Extent, % of area 1 2 3

10–24% 0.658 0.559 0.415
25–49% 0.577 0.469 0.316
50–74% 0.505 0.388 0.190
>75% 0.370 0.253 0.100

pavement distress index (PDI). When the extent or severity level becomes higher, a smaller value is
given, indicating a deterioration of the pavement condition. When there is no distresses observed,
a weight factor of “1” is given. An example of weight factor for the alligator cracking is given in
Table 1, as follows:

WisDOT has been using the PDI as an indicator of the pavement performance. PDI is a mathemat-
ical expression for the pavement condition rating. The State Trunk Highway (STH) and Interstate
Highways (IH) were surveyed by the WisDOT pavement unit every other year to obtain PDI and
international roughness index (IRI), following the WisDOT Pavement Distress Survey Manual
(1993). The PDI is expressed in the following formulas:

For asphalt pavement:

For concrete pavement:

In addition to the PDI, several major distresses, such as transverse cracking or rutting, were
analyzed individually. Therefore, a set of distress indices were given for each individual distress
using the following equation:

Equation (3) is analogous to PDI expression when only one type of distress is analyzed. For an
individual distress, a higher value of a distress indicator means that a more severe distress is present.

The overlay condition fluctuates significantly, largely due to maintenance, especially at later
stage of overlay life. Simply using the latest overlay conditions could be misleading. Therefore,
the first peak distress conditions prior to the maintenance activity were used to evaluate overlay
performance, as shown in Figure 1. Since the peak distress conditions might not happen at the same
age among the overlays, a concept of distress development rate was used. The distress development
rate was calculated by averaging the slope rates of lines from the origin of coordinate to the PDI or
individual distress indicator in a certain year, as illustrated in Figure 1. The distress development
rate was used as the overlay performance for the purpose of comparison.

The distress development rate is calculated using Equation (4):

where n is the overlay service years.
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Figure 1. Fluctuation of overlay conditions.

Figure 2. Fluctuation of existing pavement condition.

For the pre-overlay conditions of the existing pavement, PDI and individual distress indicator
also fluctuate significantly due to maintenance, as shown in Figure 2. The pre-overlay condition
immediately before overlay construction does not necessarily reflects the true condition of a pave-
ment. Therefore, a strategy adopted in the previous study was “worse case history forward”. The
highest history PDI and distress indicators were used as the pre-overlay conditions. This based on
the fact that maintenance provides functional repair, instead of structural repair. In Figure 2, for
example, a PDI of 63 in 1985 was used as the pre-overlay condition, instead of a PDI of 51 in 1991.

3 STATISTICAL ANALYSIS

A statistical analysis of the asphalt overlay performance was conducted. The parameters that
were investigated in this study included pre-overlay conditions, pre-overlay repair method, overlay
performance. Some findings are reported in the following sections.

3.1 Effects of base patching on overlay on concrete pavement

Prior to the asphalt overlay, the distressed joints or cracks in concrete pavements are usually
removed and patched. Three pre-overlay repair methods have been used to patch the existing
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Table 2. t-test of transverse cracking development rates.

t-Test: Two-sample assuming unequal variances

HMA vs. Doweled Non-doweled vs. HMA vs. Non-doweled
concrete Doweled concrete concrete

Doweled Non-Doweled Doweled Non-doweled
HMA concrete concrete concrete HMA concrete

Mean 3.35 2.54 2.99 2.54 3.36 2.99
Variance 3.10 1.11 2.90 1.11 3.10 2.90
Observations 43 36 13 36 43 13
Hypothesized Mean 0.81 0.45 0.37

Difference
df 70 15 20
t Stat −0.011 0.0068 −0.013
P(T <= t) one-tail 0.495 0.497 0.495
t Critical one-tail 1.667 1.753 1.725
P(T <= t) two-tail 0.991 0.995 0.990
t Critical two-tail 1.994 2.131 2.086

Figure 3. Effects of patching material/method on transverse cracking development.

concrete pavements in Wisconsin: asphaltic patching, non-doweled concrete patching, and doweled
concrete patching. In this study, the average transverse cracking development rates in overlays using
doweled concrete, non-doweled, and asphaltic patching were found to be 2.54, 2.99, and 3.36/year,
respectively.

A t-test was performed to evaluate the difference between the development rates of three repair
methods, as shown in Table 2. The differences between average transverse cracking development
rates in overlays using the three methods are found to be statistically significant. The effect of base
patching methods on overlay performance is presented in Figure 3. Overlays using non-doweled
concrete or asphaltic patching deteriorated faster than those using doweled concrete base patching.
This finding agrees with that by Hall et al. in another study (1991).

3.2 Effects of overlay thickness on transverse cracking in overlay on concrete pavement

The effect of the overlay thickness on transverse cracking was also investigated. Figure 4 shows
the relationship between the overlay thickness and the transverse cracking development rate. It
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Figure 4. Overlay thickness vs. transverse cracking development rate.

Figure 5. Effect of the ratio of overlay thickness to milling depth on longitudinal cracking.

could be seen that with the increase of overlay thickness, the transverse cracking development rate
decreases. When overlay thickness is less than 76.2 mm, the curve in Figure 4 is steep. A slight
increase of the overlay thickness could effectively reduce the transverse cracking development rate.
However, beyond the thickness of 76.2 mm, the relationship curve between the overlay thickness
and the transverse cracking development rate tends to be flat, indicating that simply increasing the
thickness might not be as effective.

3.3 Longitudinal cracking in asphalt overlay of asphalt pavement

In this study, it was found that when the ratio of the overlay thickness to the milling depth increases,
the longitudinal cracking development rate decreases, as shown in Figure 5. The ratio of overlay
thickness to milling depth could be up to 8, as shown in Figure 5. This is because some overlay
projects only milled the very top of the existing asphalt pavement surface. It could be seen from
Figure 5 that when the ratio of overlay thickness to milling depth increases from one to three,
longitudinal cracking development rate drops sharply. It seems that a ratio of three is a critical
threshold. Therefore, it is suggested that the ratio of overlay thickness to milling depth be a minimum
of three. When the ratio is more than three, the relationship curve in Figure 5 tends to be flat,
indicating that simply increasing the ratio is not as effective.

It should be noted that meeting the ratio of three does not automatically yield a good overlay
performance. The practitioner should not try to reduce the milling depth so as to get the ratio of
three with a thin overlay. Sufficient milling depth is important to provide a smooth and consistent
foundation for a structural overlay.
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4 SUMMARY AND CONCLUSIONS

Asphalt overlay on existing asphalt and concrete pavements is one of common pavement reha-
bilitation methods. The performance of asphalt overlay is affected by many factors and varies
significantly. This study investigated the factors influencing the performance of overlay. Perfor-
mance of overlays on existing asphaltic and concrete pavements was reviewed and analyzed. For
asphalt overlay of existing concrete pavements, it was found that overlays using doweled concrete
to patch the existing concrete pavement performed best, followed by those using non-doweled
concrete patching and then asphaltic patching. The transverse cracking development rate in asphalt
overlay decreases with the increase of overlay thickness. For asphalt overlay on existing asphalt
pavements, the longitudinal cracking development rate decreases when the ratio of overlay thick-
ness to milling depth increases. Further study is needed to mitigate reflective cracking as a result
of other distresses in existing pavements.
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ABSTRACT: The problem facing the pavement owner today is how to obtain or exceed a
pavement’s design life, while working with shrinking budgets and increasing repair needs.

All levels of government are searching for better preventive maintenance strategies. One strategy
is placing an asphalt-saturated paving fabric interlayer underneath a chip seal to extend the life of
an asphalt pavement, retard reflective cracking, prevent surface water infiltration, and decrease
road maintenance costs. Placing a paving fabric interlayer prior to chip sealing is similar, but does
differ, when placed prior to an asphalt concrete overlay. The user who wishes to use this strategy
needs to be aware of the placement differences in order to realize its benefits.

This paper will discuss the proper placement of paving fabric interlayers on asphalt concrete
pavements, when used in conjunction with chip seals, and the common problems that can be
encountered and addressed during the construction process.

1 INTRODUCTION

This paper provides guidelines on the proper installation of paving fabric interlayers (paving fabric)
when placed immediately prior to chip sealing an asphalt concrete pavement (pavement). Placing
paving fabric interlayers prior to chip sealing a roadway is a cost-effective maintenance solution for
pavements exposed to extreme ambient temperatures (extreme daytime heat and freezing evening
temperatures) and surface water infiltration.

Many have experience placing paving fabric prior to an asphalt concrete overlay, which is similar
but not identical when placing paving fabric prior to a chip seal. Reason being, chip seals do not
have the heat or weight that an asphalt concrete overlay does. Saturation of the paving fabric is
essential with both applications. Less paving grade asphalt is required when placing fabric prior
to an asphalt concrete overlay because the heat and weight of asphalt concrete overlays draw
the underlying paving grade asphalt through the paving fabric to obtain the necessary saturation.
Because chip seals do not have the heat and weight that asphalt concrete overlays do, modifications
must be made to the placement of the paving fabric to insure the same level of success.

The paving grade asphalt bonds the paving fabric to the pavement. When these two products
(paving fabric system) are placed together on a pavement, they form an asphalt membrane interlayer
which reduces reflective cracking and acts as a barrier to surface water infiltration which limits
softening of the subgrade.

The key to receiving these benefits is the proper installation of the paving grade asphalt and the
paving fabric.

This paper will serve as a guide for the various steps involved in placing paving fabric interlayers,
including:

• Site Selection
• Materials
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• Equipment
• Weather
• Surface Preparation
• Applying Paving Grade Asphalt
• Installing Paving Fabric
• Sanding and Rolling
• Preparing the Paving Fabric Surface for Chip Sealing

2 SITE SELECTION

Chip sealing over paving fabric is designed for specific conditions and is a cost effective pavement
preservation treatment when you are considering the various strategies in your pavement preserva-
tion toolbox. This pavement preservation treatment has great benefits if applied on the right road
at the right time.

Generally, chip seals can be placed on winding curves and steep grades; however, these areas
may have to be evaluated when placing a chip seal in conjunction with a paving fabric.

Paving fabrics can be placed on vertical grades of ten (10) percent or less. Paving fabrics can be
placed on vertical grades greater than 10 percent, but require additional consideration in the design
phase. Paving fabrics can also be placed on straight sections of pavement as well as on gradual
horizontal curves.

There are some areas that should be avoided to prevent paving fabric slippage such as:

• Intersection radius,
• Traffic circles
• Horizontal curves with a radius of 200 feet or less,
• Bubble portion of a cul-de-sac
• Areas of hard starting, stopping or turning and include intersections where high wheel loads are

expected, and
• Subgrade water penetration from high water tables.

3 MATERIALS

3.1 Paving grade asphalt

The paving fabric system consists of a paving fabric interlayer placed on top of binder. The grade
of the binder should be an aged residue (AR), asphalt cement (AC) or performance grade (PG) of
uncut asphalt cement based on local availability of binder resources. For the purpose of this paper,
the binder is referred to as paving grade asphalt.

The paving grade asphalt should be selected based on the maximum and minimum ambient
temperatures experienced at the job site throughout the year, not just at the time of placement.
Reason being, the paving grade asphalt should be flexible so that it hardens, not brittle, when
exposed to cold temperatures. The paving grade asphalt should soften, not liquefy, when exposed
to hot ambient or pavement temperatures.

Asphalt emulsions have been used but are not recommended as a binder for the fabric. Reason
being, the emulsion’s application rate must be increased to allow for complete evaporation of the
water and additives present in the emulsified asphalt. If an emulsion must be used, it is important
that a sufficient amount of time be allowed for the emulsion to completely cure before placing the
paving fabric; the time required typically is not available during the construction process when one
is also trying to accomplish production. The length of time required for all the water and additives
to evaporate from the emulsion is dependent on the type of emulsion used and weather conditions.
If emulsions are used, expertise in the selection of the emulsion, rate of application, cure time and
the chip seal aggregate to be used should be considered.
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Table 1. Mechanical and physical properties.

Minimum
average

Mechanical properties Test method Unit roll value

Grab Tensile Strength ASTM D 4632 Lbs (kN) 101 (0.45)
Machine and Cross Direction

Grab Tensile Elongation ASTM D 4632 % >50
Machine and Cross Direction
Grab Tensile Asphalt Saturated ASTM D 46321 Lbs (kN) 200 (0.90)
Grab Tensile Elongation ASTM D 46321 % 40–70
Asphalt Saturated

Mullen Burst Strength ASTM D 3786 psi (kPa) 200 (1378)
Asphalt Retention ASTM D 6140 Gal/sy 0.25

(oz/sf) (l/sm) (3.6) (1.13)
Change in Area Asphalt Saturated TX DOT 3099 % +/−15
Melting Point ASTM D 276 ◦F (◦C) 325 (163)
Mass per Unit Area ASTM D 5261 oz/sy (g/sm) 4.1 (139)
UV Resistance after 500 Hours ASTM D 4365 % Strength 70

Retained
shshs

Physical properties Unit Typical value

Roll Width ft (m) 10.5 (3.2) 12.5 (3.8) 14.5 (4.4)
Roll Length ft (m) 360 (110) 360 (110) 360 (110)
Roll Area sy (sm) 420 (351) 500 (418) 580 (484)
Estimated Roll Weight lbs (kg) 115 (52) 137 (62) 159 (72)

1Modification to procedure: Sample is saturated with Asphalt.

A “Certificate of Compliance”, that provides the information required by the project’s speci-
fications, should be furnished from the manufacturer of the paving grade asphalt to the project
engineer for each shipment (truck load) delivered to the job site.

3.2 Paving fabric

The paving fabric is typically a nonwoven, needle-punched paving fabric which absorbs and holds
the asphalt cement binder to provide a durable, stable, waterproofing membrane designed for use
in pavement preservation.

One side of the fabric is heat-set and appears as a smooth surface; the other side is not heat-set
and appears fuzzy. The fuzzy side of the paving fabric comes in contact with the asphalt cement
binder. The heat-set side helps reduce bleed-through of the asphalt cement and helps prevent pick-
up by traffic during warm or hot weather installation. The heat-set side is not placed against the
asphalt cement binder.

The paving fabric is wound on a high strength thick walled composite tube or core commonly
referred to as fabric rolls. The fabric rolls come in various widths to match most roadway require-
ments, such as the width of a travel lane or shoulder. The length and weight of a paving fabric roll
is dependent on the width of the fabric roll. The mechanical and physical properties of fabric rolls
are as follows:

A “Certificate of Compliance”, that provides the information required by the projects specifica-
tions, should be furnished from the manufacturer to the project engineer for each shipment (truck
load) delivered to the job site.
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3.3 Sand

Sand should be uniform, clean and free from deleterious matter and organic contaminants and
should conform to the following gradation:

Sieve Size Percent Passing
3/8-inch 100
No. 4 90-100
No. 200 0-5

4 EQUIPMENT

4.1 Distributor truck

The distributor truck provides a uniform application rate of the binder which is critical to ensure
the paving fabric is saturated with paving grade asphalt in order to provide its full waterproofing
benefit. It is common to see distributor trucks equipment with computerized rate controls for
controlling and adjusting the application rate.

Prior to applying the paving grade asphalt, check that the proper size spray nozzles are installed;
this is critical in providing a uniform application. The height of the spray bar and spray nozzles
should be adjusted to attain the correct spray height and width in order to provide uniform vol-
ume and uniform horizontal distribution; this is discussed further under “Applying Paving Grade
Asphalt” in this paper.

4.2 Paving fabric installation equipment

Installers typically use a tractor, front-end loader or a distributor truck that is specially designed to
hold and place the fabric roll. Each of these has attachments to lay down the paving fabric, provide
uniform tension, and broom the paving fabric smooth during placement.

The lay down equipment consists of a roll brake at each end of the fabric boom to prevent
uncontrolled rolling of the paving fabric, adjustable brake tension to limit wrinkling, and brooms
to smooth out the paving fabric as it is placed. The tension bar is also adjustable to smooth out the
paving fabric; best results are obtained if the tension bar is bowed out. A pipe can be inserted in
the core of the roll to prevent unwanted sagging which can cause wrinkling of the paving fabric.

If a distributor truck is used, the distributor truck will have the hydraulic lay down apparatus
mounted on the rear of the truck. However, the ability to monitor the nozzles on the spray bar is
limited due to the location of the lay down equipment with the spray bar. This can be addressed by
an employee assigned to the rear of the truck to monitor both the nozzles on the spray bar and the
fabric lay down equipment during fabric placement operations.

During cool or warm ambient temperatures, all three pieces of equipment are successful in
placing the paving fabric immediately behind binder application. However, during warm or hot
ambient temperatures, it is recommended that either a tractor or front-end loader be used to place
the fabric. Reason being, fabric placement can be delayed to allow the binder to cool and prevent
premature saturation of the paving fabric.

4.3 Sand distributor truck

A mechanical spreader, capable of spreading sand uniformly, is used to spread sand on the paving
fabric. The spreader should be equipped with a mechanism for adjusting the spread rate.

Typically a sand truck is used for spreading the sand over the paving fabric. However, any means
of spreading the sand uniformly is acceptable.

Sanding may be avoided if the pneumatic-tired rollers are equipped with a spray system, including
check valves on nozzles, to apply a release agent to the roller tires. Release agents may be used if
they are compatible with paving grade asphalt and polypropylene.
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4.4 Pneumatic-tired rollers

Pneumatic-tired rollers are used to embed the paving fabric into the underlying paving fabric binder.
An adequate number of rollers should be used on the job site to immediately embed the full width
and length of the paving fabric. Pneumatic-tired rollers used for asphalt concrete overlay projects
meet the same requirements for rollers for this process.

To avoid the need for sanding, pneumatic-tired rollers should be equipped with a spray system,
including check valves on the nozzles, to apply a release agent to the roller tires. Release agents
may be used if they are compatible with paving grade asphalt and polypropylene.

4.5 Miscellaneous equipment

There are other tools that should be available on the job site to assist in the professional installation
of the paving fabric, which have not been addressed thus far, these are:

• Utility knife or scissors for removing longitudinal overlaps or trimming excess folds.
• Stiff bristle push brooms to help embed the fabric into the binder or address folds.
• Pipe to insert inside the fabric roll core to prevent unwanted sagging which can cause wrinkling

of the paving fabric.
• Hand wand on the distributor truck to spray paving grade asphalt in areas that cannot be reached

by the distributor truck’s spray bar.

5 WEATHER

Typically, the minimum ambient and pavement temperature requirements for placing paving grade
asphalt are similar for placing hot mix overlays; typically 50◦F (10◦C). This is beneficial because
placement of the hot mix overlay can begin immediately after the placement of the paving fabric.

However, the ambient and pavement temperature requirements for placing chip seal emulsion
are higher than what is required for paving grade asphalt; typically 65◦F to 110◦F (20◦C to 40◦C)
ambient and minimum of 80◦F (25◦C) pavement. It is then recommended that placement of the
paving grade asphalt does not begin until the required temperatures for placing the chip seal
emulsion have been reached. By following this recommendation, chip seal operations can begin
once paving fabric embedment is completed.

6 SURFACE PREPARATION

6.1 Addressing isolated pavement distress

The existing pavement surface should be reviewed to determine if there are any signs of structural
or subgrade distress, such as severe alligator cracking or pavement deformation. The chip seal
over paving fabric is a surface treatment and will not address, correct or improve deficiencies in
the pavement’s structural section. However, it may strengthen the pavement support systems by
lowering the moisture content to the base and subgrade.

The pavement surface should also be evaluated to determine what surface preparation is required,
such as wide surface cracks. Cracks that range from 1/8-inch to 3/8-inch (3.175 mm to 9.525 mm)
can be filled with a crack sealant to prevent the fabric’s binder from flowing down into the crack
and not being able to saturate the paving fabric. Cracks that are greater than 3/8-inch (9.525 mm)
require a crack filler such as an asphalt leveling course, slurry emulsion, or commercial crack
filler. Crack filler should be flush with, or slightly below, the surrounding pavement. If the crack
filler is higher than the surrounding pavement, a bump will be noticeable physically and visually
after the chip seal is placed. Wide cracks that are not addressed could cause chip loss which may
be an aesthetic issue for the agency.

After the isolated distress areas and surface cracks are addressed the grade of the pavement
surface should prevent ponding of water. The pavement surface should be free of dirt, dust, debris,
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water, oil or any other foreign matter to provide a clean surface for the fabric binder to bond to
the pavement. If properly prepared, the fabric binder and paving fabric should be able to cover the
entire pavement surface.

6.2 Protect utilities

Temporary covers should be placed to protect items located within the pavement surface such as
survey monument covers, utility access covers, valve covers, and portland cement concrete pads
surrounding these items. Pavement markers (e.g. ceramic and reflective) and delineators should be
removed in order to provide a flat, uniform pavement surface.

6.3 Prevent exposure to water

Placement of the paving fabric system should not occur on wet pavement because this will affect
the bonding of the paving fabric to the underlying binder. Also, the paving fabric system is designed
for pavements whose grade allows the water to flow off the surface of the pavement. The paving
fabric system is not designed for pavements that have water entering the pavement surface via the
road’s subgrade.

If rain occurs prior to placement of the chip seal, it will not hurt the fabric system because it is
saturated with paving grade asphalt which protects the paving fabric and seals the pavement. If the
paving fabric surface is exposed to moisture or ponding water, the skid resistance may be reduced.
Areas exposed to moisture may require additional sand, and warning signs should be placed until
the area is dry and chip sealing is completed.

Protective measures should also be taken to prevent the fabric binder or chip seal emulsion from
entering any water conveyance system (e.g., cross gutter, storm drain inlet, curb inlet, channel, etc.)
Protective measures should also be taken from water entering or ponding on the roadway surface;
moisture will affect the bonding of the paving grade asphalt and the chip seal.

6.4 Construction warning signs

Before spreading the paving grade asphalt, construction warning signs should be placed in advance
and throughout the project site. The warning signs should include FRESH OIL and LOOSE
GRAVEL to warn motorists about exposure to the fabric binder and sand cover. SLIPPERY WHEN
WET signs should be placed if the fabric may be exposed to moisture before the chip seal is placed.
Signage requirements are normally specified by the agency.

All traffic (construction and public) should be maintained at speeds of 25 miles per hour (40
kilometers per hour) or less to prevent damage to the paving fabric.

7 APPLYING PAVING GRADE ASPHALT

The success of placing a chip seal over paving fabric is insuring the paving fabric is saturated with
the correct grade and quantity of paving grade asphalt. As stated earlier, the binder recommended
for paving fabric is AR, AC or PG grade of uncut asphalt cement (paving grade asphalt); asphalt
emulsion is not recommended. Suitable binders are listed in Table 2.

7.1 Distributor truck operation

Before the work begins, each distributor truck should be calibrated to confirm it is applying the
desired quantity of paving grade asphalt to the pavement surface. The distributor truck driver should
have paperwork certifying calibration has been done within four weeks prior to the start of work;
calibration can be done in the field if the agency desires. Proper application of the paving grade
asphalt is critical to the successful placement of paving fabric and subsequent chip seal.

The distributor truck applies the paving grade asphalt in a uniform spray, free of streaks or gaps.
The height of the spray bar and size of spray nozzles can be adjusted to obtain the correct spray
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Table 2. General guide lines for asphalt binders.

Penetration grade AC grades AR grades PG grades Modified

50 PG 70-22 SBSPG 76-22
60 AC 20 AR 8000 PG 67-22 SBSPG 70-22

PG 64-22
70–85 AC 10 AR 4000 PG 58-10
100 PG 48-28
120 AC 5 AR 2000 HPSPG 76-10

width and overlap. The spray bars and nozzles should be clean and adjusted to the proper height
and angle to provide uniform application.

Frequent starting and stopping of the distributor truck should be avoided to prevent non-uniform
spread rates and overlaps which result in double applications.

7.2 Binder temperature

The paving grade asphalt (binder) must remain liquid long enough to saturate the paving fabric
and should be high enough in temperature to allow uniform application. While in the distributor
truck, the allowable temperature range for uncut paving grade asphalt is 290◦F to 325◦F (143◦C
to 163◦C). The proper amount of binder will saturate the paving fabric as well as bond the paving
fabric to the pavement surface.

7.3 Binder application

The temperature of the paving grade asphalt (binder) is generally 290◦F to 325◦F (143◦C to 163◦C)
at the time of application. If the binder exceeds 325◦F (163◦C), it is important that the binder be
allowed to cool before placing the paving fabric to prevent fabric shrinkage.

Agency requirements differ as to how much paving grade asphalt (binder) should be applied to
saturate the paving fabric. In general, binder application rates range between 0.22 to 0.30-gallons
per square yard (0.90 to 1.35 liter per square meter) to achieve optimum saturation and ease of
construction.

The spray bar should be at a height that provides triple spray bar patter overlap. Also, the binder
should extend two to four inches (50 to 100 mm) beyond all edges of the paving fabric, including
overlaps, to insure the paving fabric edges are saturated and bonded to the pavement surface. Failing
to saturate the paving fabric along the longitudinal and transverse edges will guarantee subsequent
chip loss.

The condition of the existing pavement surface is one of the determining factors for determining
the proper binder application rate; onsite weather conditions is another factor (ambient and wind).

The length of time the binder is able to stay in its liquid state is impacted when it comes in
contact with cool or hot pavement temperatures, for example:

• When binder is applied to a cool pavement, it can stiffen within seconds. Depending on field
conditions, the binder may remain tacky long enough to hold the paving fabric in place. To be
on the safe side, paving fabric should be placed on the binder immediately before the binder
loses its tackiness.

• When the binder is applied during hot ambient temperatures or to a hot pavement, the binder
normally stays liquid long enough to saturate the paving fabric. However, care should be taken
not to over saturate the fabric as this can cause fabric slippage when hot ambient temperatures
are present.

Too little or too much binder application can cause slippage. The selection of the proper binder
can reduce slippage as well.
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A good indicator that you have an adequate amount of binder is if you notice binder in the wheel
tracks of the fabric applicator if a tractor or front-end loader is used, or from the pneumatic-tired
roller or construction vehicles that drive on the fabric.

Should the job site experience a broad range of temperatures throughout the day, such as cool
pavement in the morning and hot pavement temperatures in the afternoon, it is important to insure
proper saturation (and not over saturation) of the fabric is consistently obtained in the field.

Being aware of how temperatures affect the materials in this construction process is consistent
with placing materials for other construction processes. Understanding the concept of a material
should perform in the field, and recognizing when an adjustment needs to be made due to changing
field conditions, is important to the successful placement of any material used during construction.

8 INSTALLING PAVING FABRIC

The temperature of the paving grade asphalt (binder) is generally 290◦F to 325◦F (143◦C to 163◦C)
at the time of application. If the binder exceeds 325◦F (163◦C), it is important that the binder be
allowed to cool before placing the paving fabric to prevent fabric shrinkage.

The temperature of the binder drops very quickly after application, especially during cooler
ambient temperatures. During cool temperatures it is important that the paving fabric be placed
immediately after binder application in order to achieve proper fabric saturation. Should hot ambient
temperatures be present, greater than 100◦F (38◦C), you may observe premature saturation of the
paving fabric. Should premature saturation occur, consider placing the materials during morning
hours before the onset of the hot ambient temperatures.

If a distributor truck is used to lay down the paving fabric, the distributor truck will have the
hydraulic lay down apparatus mounted on the rear of the truck. However, the ability to monitor the
nozzles on the spray bar is limited due to the location of the lay down equipment with the spray bar.
Fabric placement can still be done successfully by having an employee assigned to the rear of the
distributor truck to monitor both the nozzles on the spray bar and the fabric lay down equipment
during fabric placement operations.

The fabric is unrolled so that the fuzzy side comes in contact with the binder; this provides
optimum bonding to the binder.

As mentioned earlier, the binder should extend two to four inches beyond all edges of the paving
fabric.

Similar to hot mix overlay projects, longitudinal joints of the paving fabric should be over-
lapped approximately two to four inches (50 to 100 mm). However, transverse joints should not
be overlapped as they are on hot mix overlay projects. When paving fabric is being placed prior
to a chip seal operation, it is important transverse joints be placed adjacent to each other without
overlapping; this is referred to as a butt joint. If transverse joints are left overlapped, a bump will
be noticeable audibly in the car ride after the chip seal is placed.

Folds that result in three layers of fabric must be removed since there is no binder between the
layers. These excess layers of fabric can be removed by with the use of a utility knife. The use of a
propane torch is not recommended because surrounding fabric can be damaged; as such, propane
torches are not recommended unless it is done by a skilled fabric installer.

9 SANDING AND ROLLING

On asphalt concrete overlay projects it is not necessary to sand and embed the paving fabric
with pneumatic-tired rollers. The heat and weight of the asphalt concrete overlay provides fabric
saturation by drawing the paving grade asphalt (binder) to the surface of the paving fabric.

However, when a paving fabric is placed in conjunction with a chip seal, this fabric saturation
process will not occur unless the paving fabric is embedded into the underlying fabric binder with
the use of pneumatic-tired rollers. Conventional chip seal emulsions do not have the heat or weight
that an asphalt concrete overlay does. At the time of application, chip seal emulsion temperatures
range from 130◦F to 180◦F (55◦C to 80◦C); asphalt concrete overlays range from 250◦F (120◦C)
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or higher. Therefore, modifications must be made to the construction process to obtain fabric
saturation with the underlying binder.

To avoid the need for sanding, pneumatic-tired rollers equipped with a spray system, including
check valves on the nozzles, to apply a parting agent to the roller tires. The parting agent helps
prevent the roller tires from bonding to the fabric binder during the embedment process. If the
rollers do not come equipped with such a system, then sanding may be necessary to prevent the
tires from bonding to the fabric binder.

9.1 Applying sand

After the paving fabric is placed, dry sand may be placed over paving fabric. The sand acts as a
bond breaker and prevents the binder from coming in contact with tires from vehicular traffic, or
from the pneumatic-tired rollers when seating the paving fabric into the underlying binder.

The sand remains in place until the road is ready for chip sealing. Depending on the agency
requirements, chip sealing may or may not occur the same day the fabric is placed. If the chip seal
is scheduled for a later date, it is important that the fabric surface is monitored to insure adequate
sand is present to address any bleed through or exposure to surface moisture.

Sand should be dry in order to provide uniform coverage during application. If the sand is damp
or wet, it may spread in clumps and will not provide uniform coverage to the paving fabric surface.

9.2 Rolling operation

The pneumatic-tired rollers should make a minimum number of three passes on the paving fabric to
insure the paving fabric is completely saturated by the underlying paving grade asphalt. However,
more than three passes may be required.

What is important is the rolling operations should continue until the texture of the pavement
surface is visible on the surface of the paving fabric. When this occurs, it is a sign that the paving
fabric is properly saturated by the underlying paving grade asphalt.

10 DRIVING ON PAVING FABRIC

Generally traffic should not be allowed on the paving fabric. However, if it is necessary, precautions
can be taken to prevent damage. All traffic (public and construction) should travel at low speeds
(25 MPH or less). If the roadway is normally traveled at speeds greater than 25 MPH, a pilot car
should be used to control traffic speeds on the fabric.

Installed fabric may have less skid resistance than dry pavement. Exposure to the binder, rainfall
or moisture may further reduce the skid resistance. For these reasons, public traffic should not
be permitted directly on the fabric until the fabric has been sanded because the sanding will help
increase the skid resistance.

Should it be necessary for traffic to travel on the paving fabric prior to placing the hot mix
overlay, this can occur by first broadcasting asphalt concrete on the fabric surface. The broadcast
asphalt concrete will serve as a bond-breaker between the tires and the fabric binder.

Should it be necessary for traffic to travel on the paving fabric prior to chip sealing, this can occur
by first broadcasting sand on the fabric surface. The broadcast sand will serve as a bond-breaker
between the tires and the fabric binder.

11 PREPARING THE PAVING FABRIC SURFACE FOR CHIP SEALING

Once fabric embedment is completed, the roadway is ready for chip sealing. The fabric surface
should be swept to remove any excess sand and provide a clean surface for the chip seal emulsion.
Sweeping can be done by mechanical means, such as mobile pick-up brooms or kick brooms. After
sweeping is completed, review the fabric surface to determine if there are any fabric defects such
as folds or frayed fabric. These minor defects must be addressed before the chip seal emulsion is
applied.
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If proper fabric saturation is obtained, standard application rates for the chip seal emulsion can be
applied. However, if there is concern that fabric saturation was not obtained, it is then necessary to
complete the fabric saturation process by increasing the application rate of the chip seal emulsion.
This will insure the fabric saturation was completed and there is a sufficient amount of emulsion on
the fabric surface to retain the chips. Failing to increase the chip seal emulsion on a porous paving
fabric may result in subsequent chip loss.

12 SUMMARY

It is common knowledge that asphalt pavements require maintenance to obtain or extend its design
life. The problem facing the pavement owner today is how to obtain or exceed that pavement’s
design life, while working with shrinking budgets and increasing repair needs and costs.

There is a push for better preventive maintenance strategies at all levels of government. A growing
number of cities, counties and states are now using this preventive maintenance strategy of placing
an asphalt-saturated paving fabric interlayer immediately prior to a chip seal operation to prolong
the life of an asphalt pavement, retard reflective cracking, prevent surface water infiltration, and
decrease road maintenance costs.

Those agencies that have tried this process are finding that when the right road is selected for this
process and proper preparation and construction occur, subsequent road maintenance is drastically
reduced.

Agencies that have tried this strategy, placing a chip seal over fabric, are reporting there is no
need for subsequent crack sealing for 10 to 20 years after placing the paving fabric. This can be
attributed to proper road selection, road preparation, material selection and construction operations;
each of which are important to make this preventive maintenance treatment successful.
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ABSTRACT: Reflective cracking in composite or flexible asphalt pavements is typically caused
by traffic loading, age hardening or temperature cycling. The onset of such cracking generally
signals the start of rapid pavement deterioration and a need for rehabilitation. Failure to act on the
surface cracking in a timely manner will result in permanent damage to the lower layers within
the road and in time, the need for a more costly replacement of the entire pavement structure. This
problem is particularly troublesome in airport runways and aprons where loadings from aircraft
landing gear can be significantly higher than those experienced on traditional road pavements.

Pavement engineers have used interlayers to help retard reflective cracking for many years. By
placing an interlayer within a new lift of asphalt, the time taken for reflective cracks to reach the
surface can be extended significantly. This can be particularly important in an airport environment
where there is a need to meet stringent safety regulations; this is balanced with the fact that airport
authorities cannot afford to have these pavements shut down for any significant period of time.

This paper describes how glass-fiber based geogrids have successfully been used as interlayers
over the last 20 years to extend the design life of asphalt pavements on airport runways, taxiways and
aprons. The pavement life extension is quantified through reference to the results from a number of
research studies and performance data from project sites constructed throughout the world during
the last 20 years.

1 INTRODUCTION

Reflective cracking is the process by which an existing crack, joint or other discontinuity propagates
towards the surface through an overlying layer of asphalt cement concrete. The rate of crack
propagation varies significantly based on various environmental and trafficking factors. However, a
general “rule of thumb” commonly used by pavement engineers, states that under typical conditions,
a reflective crack will propagate upwards towards the surface at a rate of approximately one inch
per year of service.

Once a reflective crack reaches the surface, an open path exists for the flow of surface water
into the lower layers of the pavement. Left untreated, this situation will lead to deterioration of
the pavement structure and a reduction in overall serviceability. Breakdown of the pavement is
particularly rapid in areas where the annual precipitation is higher, or where the applied loads are
greater in magnitude – pavements associated with aircraft loads (runways, aprons, taxiways, etc.)
are therefore of particular concern.

The use of geosynthetic or steel interlayer products within an asphalt overlay has gained
widespread acceptance since their introduction more than 50 years ago. Products of varying types
have been used to either reinforce the asphalt or provide a relatively impermeable layer within it,
thereby improving the long-term performance of the pavement. This paper will focus on one partic-
ular type of geosynthetic, a geogrid consisting mostly of glass-fibers. Evidence will be presented
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from various laboratory studies in order to define the performance benefits yielded through the use
of this type of product. Reference will be made to a number of airport projects where a glass-fiber
geogrid was used to reinforce the pavement structure.

2 THE DEVELOPMENT OF INTERLAYER PRODUCTS

Beck (1999) describes how as early as the 1930’s, road builders in South Carolina were attempting
to improve the performance of their pavements by inserting woven cotton sheets between layers
of liquid asphalt. By the 1950’s, engineers in the United States, Canada and Great Britain had
developed wire mesh products for inclusion within asphalt layers. Although there was compelling
data to demonstrate that these products could reduce rutting and cracking within the asphalt, they
proved very difficult to install due to their rigid nature. They also complicated the milling and
recycling process (Brown et al, 1985).

The next significant development in interlayer technology occurred in the 1960’s and involved
the incorporation of geotextiles (manmade fabric products) within the asphalt layers of a pavement
structure. Unlike the earlier cotton fabrics, these materials did not deteriorate when exposed to water
or the chemicals present within the asphalt. However, most research determined that although non-
woven geotextiles were beneficial to pavements in terms of stress relief and waterproofing, they
were unable to arrest crack development (Carver and Sprague, 2000).

The first use of geogrids as interlayer products dates back to the early 1980’s. Stiff, punched and
drawn, polypropylene, biaxial geogrids developed in the United Kingdom were tested extensively
at various sites and at the University of Nottingham (Brown et al, 1985). It was demonstrated that
geogrids were able to reduce deformation by up to 70% and significantly retard the development
of reflective cracks.

One of the more popular developments in pavement interlayer technology to occur during the
last 25 years involves the use of glass fibers for the main component of the geogrid ribs. Glass
fibers provide very high stiffness at low strain along with excellent creep resistance; the latter is
important when attempting to combat the sustained loads imposed during the thermal expansion
of a pavement. The fact that glass fibers easily break down during the milling process provides
an added benefit ensuring that pavements containing these geogrids can easily be recycled. The
flexible nature of a glass-fiber geogrid lends itself particularly well to the installation process,
leading to expedited construction. For example, an experienced team of installers would expect to
place of the order of 25,000 square yards (21,000 square metres) of product per day.

3 REINFORCEMENT MECHANISM

Conventional rehabilitation procedures involve the placement of an asphalt overlay on top of an
existing cracked pavement. This provides some additional road life, but the existing reflective
cracks continue to propagate uninhibited toward the surface, as shown in Figure 1a.

When used to reinforce asphalt concrete, a glass-fiber geogrid helps to create a composite
material combining the compressive strength of the asphalt mix with the tensile strength of the
glass fibers. By introducing a stiff tensile element at the base of an overlay, cracks propagating
toward the surface are intercepted and prevented from migrating further. Instead, the crack is
redirected horizontally, as shown in Figure 1b.

Research has clearly demonstrated that the bond between the asphalt layers above and below the
geogrid is critical to the performance benefits yielded by an interlayer product. At the University
of Nottingham in the United Kingdom for example, Brown et al (1985) demonstrated that there is
a significant reduction in the interface shear stiffness when an interlayer product prevents direct
bonding of the asphalt layers. This study further demonstrated that for maximum performance, an
interlayer needs to promote “through-hole bonding” between asphalt layers. This can be achieved
only when an open aperture grid structure is used for the reinforcement.
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Figure 1. Direction of crack propagation in asphalt pavements.

In Figure 1b, the geogrid-reinforced overlay will itself start to crack in time, but at a much-reduced
rate, thereby significantly extending the life of the pavement.

4 RESEARCH AND DEVELOPMENT STUDIES

4.1 The University of Nottingham, UK

Brown et al. (2001) reported on a series of semi-continuously supported beam tests (Figure 2)
undertaken in the laboratory. This equipment determines the ability of an interlayer material to
resist crack propagation in a beam constructed of asphalt cement. A notch is placed at the bottom
of the beam to help facilitate crack propagation.

Tests were undertaken on control samples (i.e. no reinforcement) and a range of geosynthetic
products. The results indicated that an open-aperture glass-fiber geogrid performed significantly
better than any other type of geosynthetic product and that when compared with an unreinforced
(control) section of the same thickness, it was able to reduce the rate of crack propagation by a
factor of 2 to 3 times.

4.2 Texas A&M University, College Station, Texas, USA

Lytton et al (1986) and Lytton (1988) reported on a series of tests undertaken at Texas A&M
University. The results from a series of beam fatigue tests (similar to those undertaken at Nottingham
University) are presented in Figure 3. These show that the number of cycles to reach a particular
target strain within the asphalt is more than 10 times greater for a 3 inch thick reinforced beam,
than for a 4 inch thick unreinforced beam.
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Figure 2. Semi-continuously supported beam test at Nottingham University.

Figure 3. Results from the beam tests undertaken at Texas A&M University.

Figure 4. Overlay test machine used at Texas A&M University.

In addition to the main laboratory testing undertaken at Texas A&M University, a performance
prediction model was developed using data obtained from an overlay test machine (Figure 4). This
apparatus essentially uses a fixed plate and a movable plate both bonded to an asphalt beam. As
the two plates move apart, this imparts a tensile force into the asphalt and simulates the sort of
behavior that occurs during the thermal expansion and contraction of an asphalt pavement.

Using traffic, temperature and pavement geometry variables, comparisons were made of the pre-
dicted performance for unreinforced and glass-fiber geogrid-reinforced overlays. For the example
shown in Figure 5, the predicted performance benefit of an overlay reinforced with a glass-fiber
geogrid is 1.5 to 2 times that for an unreinforced overlay of the same thickness.

4.3 Delft University, the Netherlands

An extensive field performance evaluation study and comprehensive laboratory testing program
were undertaken at Delft University in the Netherlands. The results of the study are reported in
De Bondt (1999). An extension of the practical work undertaken for this study involved the devel-
opment of a performance prediction model for pavement overlays subject to reflective cracking
caused by thermally induced stresses.
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Figure 5. Results from the testing undertaken at Texas A&M University.

The model demonstrated that for a range of input parameters, the design life of an asphalt overlay
reinforced with a glass-fiber geogrid, is likely to be double that for an unreinforced overlay of the
same thickness and composition. Subsequently this model was used to develop the industry leading
Anti-Reflective Cracking Design Software (ARCDESO®).

4.4 National Center for Asphalt Testing (NCAT), Opelika, Alabama, USA

The pavement test facility at NCAT constitutes the premier full-scale asphalt pavement testing
center in the United States. The oval shaped test track at the facility is 1.7 miles in length and is
divided into a series of forty-five 200-foot long sections. Trafficking is carried out using a set of
heavily loaded trucks that are able to apply the equivalent of several years’ worth of vehicle loads
during a much shorter period of time.

During the main construction phase of the project in June 2000, a glass-fiber geogrid was
installed towards the top of the 20 inch thick hot mix asphalt pavement layer, in one half of a
200-foot long test section. The remaining length of the test section was left unreinforced to act as
a control section. Since the initial construction, the test section has been subjected to more than 20
million ESAL’s (equivalent single axle loads) of traffic loading; this would be comparable to the
trafficking experienced by an average interstate highway over a period of 20 years.

At the end of the trafficking, the area containing the glass-fiber geogrid remained crack free. In
contrast, a large longitudinal crack was observed along the centerline joint between the inside and
outside lanes of the unreinforced section. The crack disappears completely at the interface between
the reinforced and unreinforced areas of the pavement.

5 CASE STUDIES

5.1 Inyokern Airport, California, USA

In 1995, The Indian Wells Valley District Airport Authority decided to undertake the rehabilitation
of Runway 15–33. The airport is located in a remote corner of the Mojave High Desert where
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Figure 6. Thermal crack in existing pavement at Peoria Airport prior to placement of overlay.

average monthly temperatures range from 103◦F in July down to 30◦F in January. High thermal
stresses resulting from this wide range in temperature had resulted in serious cracking and gen-
eral degradation of the runway. Prior to undertaking the rehabilitation, the runway had become
extremely oxidized and brittle due to the harsh climate. The surface exhibited alligator, transverse
and longitudinal cracking, with many of the transverse cracks up to 1 inch in width. The airport
authority considered adding a thicker overlay to the runway, but this approach would have proven
to be very expensive. Experience also suggested that this approach would provide only a temporary
solution, since the large temperature variation ans subsequent stresses induced, were likely to cause
thermal cracks to reflect back through to the surface at an approximate rate of 1” per year.

During the replacement of the surface materials, a glass-fiber geogrid was installed between
a fresh binder course and the new two inch thick wearing course. While undertaking a site visit
in January 2007, it was observed that the reinforced pavement had suffered only minor hairline
cracking after more than 11 years of service and thermal exposure. The geogrid had therefore been
successful in significantly delaying the propagation of the underlying cracks. In contrast, in areas
where the geogrid had not been used, numerous cracks up to 1 inch in width had reflected through
to the surface mainly years earlier. Since the reinforced pavement was performing so well, only an
inexpensive, thin surface dressing was required to once again bring the runway back up to a top
quality condition.

5.2 Greater Peoria Regional Airport, Illinois, USA

Since there are no other key airports within a two hour driving distance, the Greater Peoria Regional
Airport is a connecting hub for major airports throughout the Midwest and the South. In 2000,
the airport authority began investigating options for rehabilitating the facility’s Echo taxiway using
interlayer products. The combination of inclement weather and commercial traffic had lead to
significant degradation of the airport’s taxiways and earlier attempts to rehabilitate the problem
areas with routine asphalt overlays had proved unsuccessful. Extensive thermal cracking generally
restricted the standard pavement life to approximately 7 years.

Peoria’s highest recorded average monthly temperature is 86◦F while the lowest is 16◦F. Prior to
their rehabilitation in 2000, the airport’s taxiways suffered from block cracks, high severity thermal
cracks (Figure 6) and construction related longitudinal cracks.

Rehabilitation of the Echo taxiway began by cold planing the entire pavement area by 2 inches.
This was followed by additional localized 2 inch deep and 4 foot wide transverse planing over the
areas exhibiting major distress. These areas were then filled with a specialized “SAMI” type mix
containing fine aggregate and 0.83% polymer-modified asphalt cement. A glass-fiber geogrid was
placed between this layer and the main asphalt that consisted of a 4.5 inch (114 mm) thick layer of
P401 ACC mix.
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The “SAMI” mix acts principally as a strain based distress control mechanism within the pave-
ment structure. Essentially, its main function is to reduce the amount of spalling that takes place
around existing reflective cracks. However, the product itself does not help in reducing the forma-
tion or the propagation rate of reflective cracks, hence the requirement for the glass-fiber geogrid
component within the overlay.

To evaluate the performance of this unique treatment, the FAA funded the installation of a
series of instruments that were subsequently monitored by the University of Illinois at Urbana-
Champaign. Analysis of the data and a follow-up field survey in 2007 indicated that the pavement
had performed particularly well. Specifically, following 6 years of service, less than 10% of the
severe transverse cracks had reflected back through to the surface.

5.3 Hector International Airport, Fargo, North Dakota, USA

This Municipal airport acts as a connecting hub for flights throughout the Midwest, West and South.
In 1996, the airport authority investigated options for using a high strength interlayer to prolong
the pavement life of its main runway.

Runway 13–31 is exposed to harsh climatic conditions on a year-round basis. Average temper-
atures range from 82◦F in July to 16◦F in January. Wide temperature fluctuations, severe general
weather conditions and heavy aircraft loadings were taking their toll on the runway. The existing
asphalt had become brittle with surface distress types including a combination of thermal, alligator,
block, transverse and longitudinal cracks.

The airport management considered adopting a routine rehabilitation program involving the
installation of an asphalt overlay. However, previous experience suggested that the extreme thermal
stresses that would be induced in the pavement, would likely result in the cracks reflecting through
to the surface within just a few years. Instead, it was decided to adopt an alternative strategy
involving the use of glass-fiber geogrids.

The rehabilitation began by performing crack repairs and some localized milling of the existing
surface, followed by the placement of a thin, 0.5 to 0.75 inch (13 to 19 mm) thick leveling course.
The treated area was 50 feet (15 m) wide and ran down the center of the runway. A glass-fiber
geogrid was placed over the surface of the leveling course, before installing a 1.75 inch (44.5 mm)
thick wearing course. The work was completed within only two days and therefore had only minimal
impact on the normal airport operations.

A recent follow-up distress survey carried out at the site indicated that the geogrid system is
performing very well with only minor cracking observed after more than 10 years of service.

6 CONCLUSIONS

Glass-fiber geogrids have been used successfully for more than 25 years in order to retard the
propagation of reflective cracks in asphalt pavements. In addition to their general use, there are
more than 100 examples of projects where this type of product has been used to reinforce overlays
for airfield runways, taxiways and aprons.

Based on extensive laboratory testing and surveys conducted on many project sites, it has been
shown that the inclusion of a glass-fiber geogrid within a pavement overlay will reduce the rate of
reflective crack propagation by a factor of 2 to 3 times. This leads to an extension of the pavement
service life and reduced maintenance costs. In a typical airport pavement, these benefits are likely
to yield life cycle cost savings of between 20% and 30%.
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ABSTRACT: The objective of this paper is to evaluate a fiber-reinforced asphalt treatment used
as a stress absorbing membrane interlayer (SAMI) to mitigate reflective cracking. To evaluate the
SAMI, experimental and control field sections were constructed at the Pennsylvania Transportation
Institute (PTI) test track. The control section consists of a 2” HMA overlay on top of existing asphalt
pavement, while the experimental section additionally contained the SAMI between the old and
new HMA overlay. The sections experienced both controlled bus traffic and 1,000,000 loading
cycles using the Mobile Model Load Simulator 1/3 scale (MMLS3). Effectiveness of the SAMI is
assessed through distress surveys using visual inspection and high resolution imaging. Additionally,
a Portable Seismic Pavement Analyzer (PSPA) was used to detect and compare any decrease in the
modulus of the overlay due to microcrack development. Finally, cores were removed to observe
existence and crack growth in both control and experimental sections. The results obtained reveal
partial improvement in reflective cracking resistance due to the incorporation of the fiber-reinforced
interlayer.

1 INTRODUCTION

Pavement preservation is a vital tool for highway agencies to manage its roadway assets by mitigat-
ing early pavement distresses and extending the service life of the roadways (Wittwer, Bittner et al.
2003). In the latter periods of their design service life, pavements exhibit cracking distresses: fatigue
and thermal cracking in Asphalt Concrete (AC) pavements and faulting and mid-slab cracking in
the case of Portland Cement Concrete (PCC) pavements (Hein and Croteau 2004). When cracks
start to appear on the surface they are sealed with asphalt bitumen as a first remedy. However, as
the cracks develop further, propagate and widen it is often the case that an AC overlay or a bitumi-
nous surface treatment becomes warranted. While the overlay is a relatively low-cost rehabilitation
technique, it is, however, considered a short-term fix because in most cases the existent cracks in
the underlying layers eventually propagate upwards into the overlay and reappear at the surface,
hence forming what is referred to as reflective cracks. It is well documented that cracks propagate
to new overlays due to vertical movement of the underlying pavement layers which may be due to
traffic loading, frost heave and consolidation of subgrade soils, and/or to the horizontal movement
of the pavement upper layers due to temperature changes. These movements create shear or tensile
stresses, respectively, in the new overlay. When the stresses exceed the material strength, cracks
initiate and further develop substantially reducing the new overlay’s service life (Lytton 1989).
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Stress absorbent membrane interlayer (SAMI), is one of the available remedies directed at inhibit-
ing the propagation of reflective cracks. The interlayer systems, with high tensile strength in addition
to high ductility act as a crack-inhibitor layer when placed between the old surface and the new
overlay. This paper presents techniques to evaluate a SAMI on an experimental AC pavement sec-
tion constructed at the Pennsylvania Transportation Institute Test Track, being part of a larger study
conducted by the authors at the Pennsylvania State University to evaluate the performance of such
a SAMI for low volume roads in Pennsylvania. The study addresses interlayer systems on existent
AC pavements only.

2 MECHANISMS OF REFLECTIVE CRACKING

When the new overlay is perfectly bonded to the old distressed pavement, cracks from the old
pavement propagate likely within one to five years at an average rate of 25 mm-year (Chen and
Frederick 1992). There are cases, however, where the cracks propagate as early as a few months
after application (Elseifi 2003).

Application of wheel loads over a crack create three critical load pulses (one maximum bending
and two maximum shear stresses) at frequencies where the thin overlay, being viscoelastic, is stiff.
The bending stresses are likely to create a crack at the bottom of the overlay at the location of
an existent fatigue, or other longitudinal crack, due to the stress concentration at the crack tip.
Eventually, the existent crack will propagate upwards reaching the surface.

Temperature can also contribute to the development of reflective cracking. The overlay presents
a main constraint for the old pavement to freely expand or contract due to thermal changes if the
layers are properly bonded. This phenomenon concentrates tensile stresses exactly on top of old
thermal cracks. When the stresses induced exceed the material’s strength, a crack initiates on the
top of the old crack that eventually propagates upwards and manifests itself as a reflective crack.
It is worthy to note however that thermal cracks also occur at the top of the pavement. At cold
temperatures, the overlay has the tendency to contract. Because it is constrained in the longitudinal
direction, thermal stresses develop and lead to a thermal crack in the transverse direction when
those stresses exceed the material’s strength. This thermal crack starts at the surface and propagates
downwards. Both top down thermal cracking and reflective cracking can happen at the same time
given the right conditions.

3 STRESS ABSORBENT INTERLAYER

A way to delay or mitigate the problem of reflective cracking is the use of interlayer systems
between the old pavement surface and the overlay. The interlayer can have a reinforcing function
or a strain relief function. Reinforcement occurs when the interlayer has a higher modulus than
the top and bottom pavements layers; whereas, strain relief occurs when the interlayer modulus is
lower (Lytton 1989). The interlayer should reduce longitudinal (horizontal) tensile stresses in the
overlay caused by loading and thermal cycling (Kim and Buttlar 2002). If the interlayer is too soft,
it may induce more horizontal movement at the bottom of the overlay, creating more susceptibility
to fatigue cracks. When strain-relief mode interlayer systems are used, the crack normally begins
at the crack on the old pavement and stops for some time at the interlayer.

The SAMI under study, previously evaluated by Yeates (1994), Michaut (1996), and CFTR
(2007), consists of two layers of bituminous emulsion and a layer of sliced glass fiber strands
sandwiched between the two emulsion layers. On top of the two emulsion layers 6.35 mm to 9.5 mm
aggregate is spread and rolled. At this stage the interlayer acts as a stress absorbent membrane
(SAM) or as a reinforced surface treatment. The application of an overlay on top turns the SAM
into a SAMI (Figure 1). This dual function is one of the main advantages of this treatment. The
application rate of fibers, emulsion and aggregates are specified in Table 1. The thickness of the
treatment would depend on the size of the aggregate.
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Figure 1. Schematic of SAMI (Courtesy of Midland Asphalt).

Table 1. Application rates.

SAMI Emulsion Fiber Aggregate
type (liter/m2) (grams/m2) (kg/m2)

FiberMat B® 1.81–2.26 101–136 13

Test Site

Figure 2. PTI test track.

4 EVALUATION PROCESS AND FINDINGS

This study focuses on the field evaluation of a fiber reinforced stress absorbing interlayer as a
mitigating remedy for reflective cracking for asphalt low volume roads in Pennsylvania. The study
involves comparison of overlays with an interlayer, and those without the interlayer (Control) on
pavement test sections at the Pennsylvania Transportation Institute’s (PTI) test track (Figure 2).
Studies on complementary field sites and results form laboratory tests are published elsewhere
(Chehab and Palacios 2007). The field evaluation process of the new treatment comprises of:
observation of construction process, accelerated trafficking, periodic distress and image surveys,
in addition to non-destructive and destructive structural evaluation.

4.1 Observation of construction process

In June 2005, two 30 meter long sections were constructed, one with the SAMI and an overlay
and the other with only an overlay, over a 22 year old heavily distressed HMA pavement structure
(Table 2). The old pavement surface presented medium-severity alligator cracking, low-severity
block cracking, high-severity joint reflection cracking, medium-severity longitudinal and transverse
cracking, medium-severity polished aggregate and medium-severity raveling. It should be noted
that some of the non-wheel longitudinal cracks (joint reflection cracking) and transverse cracks on

723



Table 2. Old AC pavement structure; soure: (Anderson, Kilareski et al. 1984).

Layer Material Thickness (cm)

Wearing Course ID-2 (HMA) 3.8
Base Course BCBC 15
Permeable Sub-base HP crushed stone 10
Compacted Subgrade 2A compacted crushed stone 5
Subgrade Clayey soil –

the old pavement had a crack opening of 6.5 mm. A portion of the longitudinal cracks were sealed
with AC 20 binder to study the advantage of crack sealing before the application of the SAMI.

4.2 Observation of construction process

In June 2005, two 30 meter long sections were constructed, one with the SAMI and an overlay
and the other with only an overlay, over a 22 year old heavily distressed HMA pavement structure
(Table 2). The old pavement surface presented medium-severity alligator cracking, low-severity
block cracking, high-severity joint reflection cracking, medium-severity longitudinal and transverse
cracking, medium-severity polished aggregate and medium-severity raveling. It should be noted
that some of the non-wheel longitudinal cracks (joint reflection cracking) and transverse cracks on
the old pavement had a crack opening of 6.5 mm. A portion of the longitudinal cracks were sealed
with AC 20 binder to study the advantage of crack sealing before the application of the SAMI.

The construction of the SAMI involves application of the two emulsion layers and a fiber layer
simultaneously using a truck with nozzles arranged in three rows. The first row of nozzles sprays
the emulsion; the second row spreads the sliced glass fiber strands at the specified rate, and the
third row of nozzles again sprays the emulsion forming a film of emulsion-fiber-emulsion over the
old pavement. A special truck is used that has an attachment to suitably place the three layers. As
the truck sprays the three layers, it moves forward and tracing the section equal to its width. The
whole area is continuously covered with the emulsion-fiber-emulsion layer. Over the emulsion-
fiber-emulsion film, 6.3 mm size aggregates are spread and then compacted with a pneumatic-tire
roller. The emulsion used is polymer modified with a PG 64-22 asphalt binder base. A day after
the SAMI was constructed, a 32 mm thick 9.5-mm Superpave overlay was placed. For the control
section, a tack coat was applied to improve bonding between the layers.

4.3 Distress monitoring

Both SAMI and control sections were constantly monitored from the day of construction in June
2005 until July of 2007. A pre-construction distress survey was done for the SAMI section according
to the LTPP Distress Identification Manual (Miller and Bellinger 2003). Both sections were divided
into a grid of 1.8 by 1.8 meter parcels. Photographs and documentation of the distresses were
recorded for each of the parcels in a database developed for that specific purpose during the period
of the project(Figure 3).

A summary of the crack reappearance after two years on the SAMI section is given in Table 3.
After two years of monitoring, no significant difference was observed between the SAMI section
and the control section from the surface distress surveys. The monitoring period is yet short for
any fatigue induced crack to reflect; however, it was observed after the two harsh winters that the
pre-existing transverse cracks were beginning to slightly reflect on the surface of the control and
SAMI sections. As mentioned before, some of those reflective cracks had an opening of 6.5 mm
and were not sealed. It is most likely that the binder/emulsion placed during construction seeped
into the cracks; thus preventing the fibers to properly bridge the crack opening (Figure 4). A similar
behavior is observed with the overlay in the control section. No reflective cracks were observed
where AC 20 sealant was applied.
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(a) (b)

Figure 3. Sample of 1.8 by 1.8 meter parcel on SAMI section a) parcel 3A before treatment b) parcel 3A
after treatment.

Table 3. Summary of surface cracks from surveys of SAMI section.

Wheel path Non-wheel
Fatigue longitudinal longitudinal Transverse

Time (m2) (m) (m) (m)

SAMI Before Construction 5.8 14.6 32.4 10.8
2 years after 0 0 1.8 4
% crack propagation 0% 0% 6% 37%

Control Section Before Construction 5.6 13.2 30 10.8
2 years after 0 0 2 4
% crack propagation 0% 0% 7% 37%

(a) (b) (c)

Figure 4. a) Sealing of crack; b) unsealed crack; c) fiber-emulsion layer on the unsealed crack (emulsion
was absorbed into the crack that remained unsealed).

4.4 Bus trafficking

Throughout the project, roughly 15,000 bus passes were applied on the sections with an average daily
traffic of 21 measured with a Hi-Star NC-200 digital traffic counter. The 2-axle buses consisted of
22 different types with an average weight of 110 kN with a standard deviation of 77 kN (PTI 2007).
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(a) (b)

Figure 6. a) MMLS and its wheel path after loading at control section b) MMLS trafficking at SAMI section.
Dashed lines show locations of underlying transverse cracks that did not propagate after loading.

This amount of traffic is low even for a low volume road. However, the loads are significantly high.
Neither fatigue cracks nor permanent deformation were observed due to these loads after 2 years
of monitoring.

4.5 Environmental conditions

As mentioned in section 4.2, transverse cracks were observed after the second winter. The environ-
mental conditions at this location can be described as severe. The geographic location of the test site
experiences freezing temperatures and is exposed to wind-chill factors that cause the actual tem-
peratures to be lower than the reported air temperatures (Figure 5). These conditions are propitious
for phenomena explained in Section 2.

4.6 MMLS3 loading

To expedite the evaluation of the effectiveness of SAMI on delaying reflective cracking, acceler-
ated pavement testing was performed on sections at locations where underlying cracks pre-exist
(Figure 6). One million wheel applications were applied at a speed of 2.5 m/sec on top of pre-existent
transverse cracks of similar size at both SAMI and control sections. The wheel load exerted by the
MMLS3 is 2.7 kN, with a contact pressure of 700 kPa (De Vos, Hugo et al. 2006). The load creates
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an approximate vertical stress of 500 kPA at the interlayer interface. The wheel loads were applied
at very low temperatures, and thus no rutting was observed. For better comparison, the sections
trafficked were scanned with a digital image scanner before and after trafficking. After one million
cycles of MMLS3 traffic loading, no cracks were observed under the MMLS3 wheel path for both
sections. However densification was found under the wheel path measured by a pavement quality
indicator (PQI) .(ASTM D 7113-05) (see Figure 7).

4.7 Non destructive testing

After applying one million cycles on top of pre-existing cracks on both SAMI and the control
sections, no visible reflective cracks appeared. To further evaluate the two sections, a Portable
Seismic Property Analyzer (PSPA) was used on the surface of both sections. The Portable Seismic
Pavement Analyzer (PSPA) is an instrument designed to determine the variation in modulus with
depth of exposed layer being concrete or asphalt (DeVos, Hugo et al. 2006). The operating principle
of the PSPA is based on generating and detecting stress waves in a medium (Nazarian, Yuan et al.
1999). The PSPA was used to determine the modulus of SAMI and the control section. Stiffness of
the top 50 mm was measured at locations where a crack was known to exist and at locations with
no preexistent cracks, for both SAMI and control sections.

Average stiffness from five readings of each section was measured at −7◦C and at 7◦C. In
addition, a variability study on stiffness readings was performed at 7◦C on the SAMI section.
Three readings every two meters were measured along the 30 m section, totaling 45 readings. An
average stiffness of 14,000 MPa was recorded with a standard deviation of 2,500 MPa. The standard
deviation between every three readings was 80 MPa. This suggests that due to variability of stiffness
along the same section, any comparison between SAMI and control sections would not be able
to statistically detect the treatment effects on stiffness. A similar measurement was done with the
PQI. Results showed significant variability of density along and across the pavement.

4.8 Field cores

Field cores were taken from the SAMI and control sections. Three cores were taken from locations
that did not originally exhibit any cracks. The cores removed were 150mm in diameter and covered
the full depth of the pavement. A set of two cores were extracted on top of similar cracks in the
pre-existing pavement. No reflective cracks were observed on the core removed from the SAMI
section (Figure 8). However, an existing crack was observed propagating towards the surface of the
new layer at the control section (Figure 8). In addition, the cores removed were sawed in slices and
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Crack
SAMI

Crack

Figure 8. a) Hole from core with SAMI, crack stopping at SAMI layer b) Hole from control section, crack
propagating towards surface.

SAMI

Crack

Figure 9. Crack stopped at the SAMI.

the interlayer was found to be highly impermeable. Variability of overlay depth also was an issue.
Values measured from the cores were in the range of 25 mm to 50 mm.

From one of the cores removed from top of a transverse crack one can see the fact that the fibers
are deflecting the crack path. This makes the water path not straight which helps to keep the water
out (Figure 9).

5 CONCLUSIONS AND RECOMMENDATIONS

The study evaluated the effectiveness of a stress absorbing membrane interlayer from inhibiting
reflective cracking. The field study was conducted on constructed sections at the Pennsylvania
Transportation Institute (PTI) test track. During the two year period of loading and environmental
exposure, few reflective cracks were observed that mainly propagated from wide cracks that were
left unsealed. This agrees with findings from (Buttlar, Bozkurt et al. 2000) and (Lytton 1989). The
overall surface condition after two years is rated as very good for both sections.

One million cycles of MMLS3 on top of pre-existing cracks did not induce any visible cracks
neither on the treated nor the control sections. Measurements of modulus for both sections made
using a Portable Seismic Property Analyzer do not offer conclusive evidence that the modulus of
the control section was decreasing with time and loading.

Cores removed from both sections at locations with pre-existing cracks show that reflective
cracks occur only in the control section. In sample cores, it was observed that upward propagating
cracks stopped at the SAMI interlayer; whereas they continued their propagation in the control
sections. However it should be noted that variability of construction could have been a factor in
promoting such cracks. The thin layer of overlay had variability in depth, stiffness, and density.
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The following recommendations should be considered for future work:

1. Cracks relatively severe should be sealed before laying the treatment.
2. For sites experiencing low temperature conditions, a lower low temperature PG grade binder

could be beneficial to prevent top down cracking and prevent mix mode cracking.
3. Laboratory tests should be performed to characterize the mechanical properties of the interlayer,

such as low temperature creep compliance, fracture properties of the interlayer, and fatigue
failure susceptibility.
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Installation and performance of a fiberglass geogrid interlayer on
the NCAT Pavement Test Track
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ABSTRACT: The Pavement Test Track is a full-scale, accelerated performance test facility for
flexible pavements managed by the National Center for Asphalt Technology (NCAT) at Auburn
University. Forty-six unique 60-m test sections are installed around a 2.8-km oval and subjected to
accelerated damage via a fleet of tractors pulling heavy triple trailers. Methods and materials that
produce better performance for research sponsors are identified so that future pavements can be
selected based on objective life cycle comparisons. Within one section, NCAT was asked by the
research sponsor to evaluate the installation and performance of a fiberglass geogrid interlayer. Half
of the selected test section was constructed with a fiberglass geogrid interlayer and the other half
without. Initial observations were made for the section sponsor regarding ease of construction, and
weekly pavement management data collected throughout the section facilitated a field performance
comparison with and without the product. Construction documentation and performance data
relating to potential differences in smoothness, rutting, and cracking are presented. No problems
were reported during the installation of the geogrid interlayer, which was completed just before the
placement of surface mix. Pavement performance was comparable for the portion of the test section
with the geogrid interlayer and the portion without, with the exception of longitudinal cracking
along the centerline joint. Extensive centerline cracking was noted without the geogrid interlayer,
but no centerline cracking was noted with the geogrid interlayer.

1 INTRODUCTION

1.1 Background

The Pavement Test Track (referred to hereafter as simply the Track) is a full-scale accelerated
performance test (APT) facility managed by the National Center for Asphalt Technology (NCAT)
at Auburn University. The project is funded and directed by a multi-state research co-op in which
sponsors ship in hot-mix asphalt materials and methods that are local to their jurisdictions for
placement on the Track. Forty-six different 60-m sections have been built around the 2.8-km oval
to facilitate field performance comparisons in an identical climate where traffic conditions are
precisely monitored. The primary objective of the project is to identify pavements with superior
field performance and lower life cycle costs through the application of a design lifetime of truck
traffic (10 million equivalent single axle loadings, or ESALs, over 2.6M km) in 2 years. Within
one section, NCAT was asked by the research sponsor to evaluate the installation and performance
of a fiberglass geogrid interlayer.

1.2 Scope

The Track was originally constructed in the summer of 2000. The extra effort required to install the
fiberglass geogrid interlayer was provided by the manufacturer, who also selected the test section for
the installation under the direction of the state sponsor. The second half of the selected test section
was constructed with the interlayer and the other half without. The geogrid mesh was sandwiched
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between two 50 mm lifts of granite stone matrix asphalt (SMA). The study test section (both with
and without the geogrid) survived the original 10 million ESAL loading and remained in service
for another round of truck traffic on the 2003 Track. Construction documentation and performance
data relating to potential differences in smoothness, rutting, and cracking were included in this
research. The analysis period began with the construction of the test section in June of 2000 and
ended after the completion of the second round of truck traffic in December of 2005. Forensic
testing was conducted in January of 2006.

2 CONSTRUCTION

2.1 Track foundation

In order to isolate distresses to experimental surface mixes, the foundation for the 2000 Track
was designed for perpetual performance. The total thickness of all hot-mix asphalt layers was
approximately 600 mm in order to produce underlying strains so low that the structure would not
fail from the bottom up. A permeable base layer was also included to remove water from underneath
the pavement structure via edgedrains on both sides of the roadway. This approach provided a stable
platform on which the performance of the upper 100 mm of surface mixes could be studied.

2.2 Experimental mix

The 50 mm lifts placed above and below the fiberglass geogrid interlayer consisted of SMA mix
blended with granite coarse and fine aggregates, flyash filler, SBR-modified PG76-22 binder and
mineral fibers. A Marshall hammer was used to apply the 50 blow compactive effort for the mixture,
and asphalt content was adjusted to target 4 percent air voids (as a percentage of the laboratory
maximum). Properties of the plant produced mix are presented in Table 1.

Table 1. Mix properties.

Design Method SMA
Compactive Effort: 50 blows
Binder Performance Grade 76–22
Modifier Type: SBR
Aggregate Type: Granite
Gradation Type: SMA

Avg. Lab Properties of Plant Produced Mix

Sieve Size: %Passing:
1" 100
3/4" 100
1/2" 95
3/8" 68
No. 4 28
No. 8 20
No. 16 18
No. 30 16
No. 50 14
No. 100 12
No. 200 9.7

Asphalt Binder Content: 6.1%
Compacted Pill Bulk Gravity: 2.337
Theoretrical Maximum Gravity: 2.422
Computed Air Voids: 3.5%

732



Figure 1. Application of fiberglass geogrid interlayer.

2.3 Grid installation

Trial mix was produced and placed in an off-Track location prior to placement on the actual test
section in order to ensure the mix met the sponsor’s expectations. The lower lift was placed on
Friday, June 9, 2000 with in-place air voids of 3.5 percent (of the laboratory maximum). The
compactive effort applied to the mat consisted of four coverages with a 105 kN pound vibratory
roller set on a frequency of 3800 vibrations per minute at an amplitude of 0.75 mm, followed by
two coverages set on a frequency of 3400 vibrations per minute at an amplitude of 0.50 mm, then
finish rolled with one static pass using the same unit. The temperature of the mat cooled from
approximately 150◦C at the beginning of breakdown rolling to approximately 90◦C at the end of
finish rolling.

On Tuesday, June 13, 2000 the lower lift was prepared for the placement of the upper lift. An
emulsified CQS-1h asphalt tack coat was applied at a rate of 0.14 liters per square meter on the
lower layer after it had been swept. The geogrid interlayer was rolled out onto the tacked mat as
seen in Figure 1 using a tractor equipped with an application attachment. Because the lower lift
had been in place for several days, there was no problem staying within the 5◦C to 60◦C surface
temperature requirement. Longitudinal joints were overlapped 25 to 50 mm, as specified by the
manufacturer. Figure 2 shows the verification process for adhesion between the geogrid and the
lower lift of SMA, where a 5 kg pull on the mesh cannot result in movement. Because the product
is manufactured with a pressure-sensitive adhesive backing and the lower lift had been thoroughly
tacked beforehand, as seen in Figure 3 and 4 there was no indication of geogrid slippage of any
type during construction of the upper lift.

The upper layer was placed at an average temperature behind the paver of approximately 165◦C.
Because the lower layer was slightly over compacted, the effort was reduced for the upper layer.
Here, rolling was reduced to three coverages set on a frequency of 3800 vibrations per minute at
an amplitude of 0.75 mm, then finished with one static coverage. The temperature of the mat again
cooled from approximately 150◦C at the beginning of breakdown rolling to approximately 90◦C
at the end of finish rolling. Average air voids in the finished upper layer were 6.5 percent of the
laboratory maximum.
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Figure 2. Bond strength verification.

Figure 3. Material transfer device traveling on geogrid surface.

3 LABORATORY PERFORMANCE

3.1 Mix properties

Plant settings for the produced mix are included in Table 2. In junction with the volumetric infor-
mation provided earlier in Table 1, it was found that the voids in the mineral aggregates of the plant
produced mix averaged 17 percent (expected in a mix with a design value of 17½ percent). Average
air voids of the laboratory quality control (QC) specimens were determined to be 3.5 percent. These
same QC specimens were subjected to loaded wheel testing with an Asphalt Pavement Analyzer
(applying a 445N load via 690 kPa contact pressure on specimens conditioned to 64◦C), which
induced 2.0 mm of average rutting after 8,000 load cycles (16,000 wheel loadings). Because of the
use of mineral fibers at a rate of 0.4 percent, only 0.02 percent draindown was measured in the
QC laboratory. The thickness of the completed mat in the field averaged 99 mm with a standard
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Figure 4. Paving train on geogrid surface.

Table 2. Mix properties.

Completion date Tuesday, June 13, 2000

24 Hour High Temperature (F): 92
24 Hour Low Temperature (F): 73
24 Hour Rainfall (in): 0.00
Lift Tupe: dual
Design Thickness of Test Mix (in): 4.0

Plant Configuration and Placement Details

Component: % Setting:
Liquid Binder Setting 6.2%
Granite 7 73.0%
Granite 89 11.0%
Granite M10 10.0%
Stabilizer Mineral Fiber 0.4%
Filier Fly Ash 6.0%

Approximate Length (ft): 202
Surveyed Thickness of Section (in): 3.9
Std Dev of Section Thickness (in): 0.1
Type of Tack Coat Utilized: CQS-1h
Target Tack Application Rate: 0.03 gl/sy
Avg Mat Temperature Behind Paver (F): 328
Average Section Compaction: 95.0%

deviation of 2.5 mm, which was very close to the design target. The overall quality of the placed
mix was generally very positive in both the laboratory and the field.

3.2 Grid properties

The product utilized for this study is known commercially as GlasGrid®8501. Developed in the late
1980s, it consists of a stiff fiberglass material coated with an elastomeric polymer. It is advertised
to have a 69 million kPa elastic modulus and a tensile strength of 100 kN/m (in both directions);
however, no laboratory testing was done in this study to verify these claims. The underside of
the mesh is coated with a pressure-sensitive adhesive that is activated by the act of rolling. This
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feature is intended to stabilize the product on the mat and prevent slippage during construction. This
particular product was specified by the sponsor of the test section; therefore, no effort was invested
in comparing advertised properties to other products that may be available in the marketplace. This
was possible because the vendor provided both the product and the installation at no cost to the
project or the sponsor.

4 FIELD PERFORMANCE

4.1 Truck traffic

Trucking operations began at the Track in the fall of 2000 utilizing conventional tractors driven
by live operators pulling heavy triple trailer trains. Each axle in the optimized configuration was
loaded to approximately the federal legal bridge limit of 89 kN, which produced a gross vehicle
weight for the entire triple trailer train of approximately 676 kN. Truck computers were set such that
cruise speed was held constant at 72 km/hr, which is the design speed of the test oval. Generally,
trucking operations ran from 5:00AM to approximately 11:00 PM, with about an hour of down
time midday to accommodate refueling and driver shift changes. The fleet was idle on Sunday
to provide for a day of rest and again on Monday to accommodate pavement condition testing
while preventive and corrective maintenance was completed on the trucks. In each research cycle,
10 million ESALs were applied to the surface of experimental pavements, which means that 20
million ESALs had been applied to the geogrid section by the end of the second research cycle in
December of 2005.

4.2 Roughness

A high-speed laser profiler with an inertial compensation system was utilized to produce profile-
based roughness measurements for each section on the Track. Output data were summarized in 8 m
measurement segments such that the middle 46 m of each section could be examined without the
influence of adjacent transverse joints (affecting approximately 8 m on either end of each section).
Roughness was reported in m/km in accordance with the International Roughness Index (IRI)
approach, which is a mathematical assessment of amplified profile wavelengths tuned specifically
to quantify the feel of the roadway for a traveler in a passenger car. Roughness measurements before
the application of any traffic, after the application of 10 million ESALs, and after the application
of 20 million ESALs are provided in Figure 5. Here it is seen that generally the test section gets
smoother the farther you travel from the near transverse joint. This was also observed for other
sections on the Track.

4.3 Rutting

Elevations were measured weekly along transverse profiles at random test locations so that rutting
performance for each test section could also be characterized. The 6-point algorithm standardized
in AASHTO PP 38-00 (“Determining Maximum Rut Depth in Asphalt Pavements”) was used to
compute rut depths that considered the effect of heave on the outside of each wheelpath. In this
approach, the 3 elevations that define the peaks and valley of the left wheelpath are used to compute
a maximum trough depth. The same procedure is used to produce a maximum trough depth for the
right wheelpath, which is then used to compute a single average rut depth for the entire transverse
profile. Average rut depth measurements after the application of 10 million ESALs and after the
application of 20 million ESALs are provided in Figure 6.

4.4 Cracking

Test sections were also inspected on a weekly basis for evidence of cracking. When cracking was
found on the Track, it was characterized in terms of the defining coordinate geometry within each
test section. Due to the perpetual nature of the geogrid test section, it was not expected that cracking
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Figure 6. Rutting measurements as a function of traffic on test section containing geogrid.

would be a significant distress. During both periods of fleet operation, this was observed to be the
case; however, longitudinal cracking along the centerline joint between the inside and outside lanes
was noted in January of 2006 approximately one month after the completion of 20 million ESALs.
No cracking was found in the half of the section that contained the geogrid interlayer; however,
cracking was observed along the entire unreinforced length of centerline. A picture of cracking in
the unreinforced length of the test section is included as Figure 7. In this picture, traffic runs right
to left and the white line is a transverse test location.

737



Figure 7. Longitudinal centerline cracking without interlayer (traffic runs right to left).

4.5 Forensics

Cores were cut from each test section on a quarterly basis. It was noted that in warmer months the
bond between the upper and lower lifts in the reinforced part of the geogrid test section seemed
to be comparable to other unreinforced sections; however, in colder months the upper lift would
become detached from the lower lift before the core could be fully extracted during the drilling
process. Inspection of the cores revealed the geogrid appeared to be in good condition, and it was
deduced the bond failure was the result of increased stiffness of the asphalt mix and/or increased
brittleness of the tack between the layers. No laboratory bond strength testing was run at these
times because it was not possible to remove specimens without failing the bond in the field.

A forensic study was conducted on January 20, 2006 approximately 1 month after the completion
of 20 million ESALs. As seen in Figure 8, a slab was carefully removed from the outside edge
of the pavement in order to recover and visually inspect a section of geogrid mesh. A concrete
masonry saw, a hammer chisel, a skid steer with a forklift attachment and an assortment of hand
tools were used to remove the upper layer. The block was flipped over and the geogrid was then
peeled off the underside of the upper layer. This process was difficult but it was accomplished
without visually damaging the mesh. As a result of this exercise, it was found that after 5½ years
the grid still appeared to be in good condition and well-bonded to both the lower and upper hot-mix
asphalt sandwiching layers. Because of minor damage that occurred to the mesh during removal,
it was not possible to test the specimen in the laboratory to determine an aged tensile strength.

5 CONCLUSIONS

Several important conclusions can be drawn from this study. Based on the author’s personal expe-
rience during the installation of the fiberglass geogrid interlayer reported herein, the product can
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Figure 8. Geogrid sample recovery during forensic study.

be installed without significantly hindering the overall construction process or compromising con-
struction quality. No change to the standard construction methodology was necessary aside from
allowing a tractor to apply the geogrid immediately before paving began. There was no creasing
or folding, even though the test section was only 60 meters long and sharp turning of the heavy
construction equipment (including a material transfer device) was necessary. No adjustment was
made to production and placement temperatures, and forensics would later reveal that the fiberglass
mesh appeared to be in excellent condition 5½ years after it was installed.

Pavement performance was quantified after 10 million ESALs and again after 20 million ESALs.
The latter part of the test section in which the geogrid was installed was initially smoother than the
first part of the section in which it was not installed; however, this effect was observed in many
other test sections and is likely not the result of any effect of the interlayer. Roughness as a result
of truck traffic increased in the unreinforced length, but no increase was observed in the reinforced
length. This has not generally been observed in other sections and could conceivably be a result of
the effect of the interlayer.

A very minor amount of rutting was induced by the truck traffic. The unreinforced length did
not change at all between 10 million and 20 million ESALs; however, the length containing the
geogrid did rut slightly more as a result of the additional traffic. The section containing the fiberglass
geogrid interlayer was left in place for the 2006 research cycle, and will continue to be monitored
for any sign of performance differences that may be the result of geogrid reinforcement. When the
section is ultimately taken out of service, possibly during the construction of the research cycle
that will begin in 2009, trenching may reveal whether the geogrid played a role (possibly through
decreased bond strength) in the additional rutting that was observed in the reinforced length. At
that time, milling for section replacement will also allow researchers to evaluate the effect of the
interlayer on reclamation and recycling.

A forensic study was conducted outside of the wheelpath along the edge of the shoulder. The
careful removal of a section of mesh revealed the fiberglass geogrid interlayer still appears to be
in good condition 5½ years after it was installed.
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ABSTRACT: A major research project has been conducted at the University of California Pave-
ment Research Center (UCPRC) to evaluate the performances of severalAC overlays that contained
asphalt rubber binder. This paper presents the analysis with respect to reflection cracking using
a recursive mechanistic-empirical analysis procedure, known as CalME. For reflection cracking
a simple model for calculating the strain in the overlay over an existing crack is presented. The
fatigue properties required by the procedure for different AC mixes were determined from labora-
tory test data. The analysis procedure was validated by simulating full-scale pavement testing using
the Heavy Vehicle Simulator (HVS). The results of the HVS tests were imported to the CalME
database and the simulations were done in increments of one hour. Most HVS tests show a consider-
able increase in deflections during the test, due to damage of the pavement layers. This implies that
other response parameters, such as stresses and strains, also change considerably during the test. As
these response parameters are used in the empirical relationships to predict pavement performance,
it is very important that correct values are used at any point in time during the simulation. Care was
taken to ensure that the simulations with CalME would produce response values (deflections in this
case) that were reasonably close to the measured responses. The predicted changes in the moduli
of the overlays and the relationship between predicted damage and observed cracking indicate that
recursive mechanistic-empirical approach with the reflection cracking model worked satisfactory.

1 INTRODUCTION

The goal of this study was to evaluate the reflection cracking performance of asphalt mixes used in
overlays for rehabilitating cracked asphalt concrete pavement in California. The main objective was
to compare the performance of three overlays with mixes containing binders using Caltrans’ MB
specification (binders including recycled tire rubber and polymers blended at the refinery) against
two control overlay mixes [dense-graded asphalt concrete (DGAC) and gap-graded rubberized
asphalt concrete (RAC-G)]. These control overlays represent typical pavement structures currently
used throughout California.

The project was divided into two phases. In the first phase, the uniform test pavement, which
consisted of six test sections, was trafficked with the HVS to induce fatigue cracking on the asphalt
concrete layer. The original pavement consisted of 77 to 88 mm of DGAC on a design thickness of
410 mm of aggregate base (AB) on a clay subgrade. The AB consisted of 100% recycled building
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waste material with a high percentage of crushed concrete. Reactive cement was found in the AB.
In the second phase, selected overlay mixes were placed to evaluate:

• Reflection cracking (expected failure mode) under HVS trafficking at moderate temperatures,
and

• Rutting performance under HVS loading at high temperature.

Only the reflection cracking tests are included in this paper. They were performed by applying
HVS trafficking directly over the previously cracked Phase I test sections. A laboratory study,
primarily investigating the shear and fatigue properties of the mixes, was undertaken in parallel
with the HVS study.

The six reflection cracking test sections, constructed as part of the second phase of the study,
were as follows:

1. Half-thickness (45 mm) MB4 gap-graded overlay with minimum 15 percent recycled tire rubber
(referred to as “MB15” in this paper)

2. Half-thickness rubberized asphalt concrete gap-graded (RAC-G) overlay
3. Full-thickness (90 mm) DGAC overlay (split into two subsections in the analysis)
4. Half-thickness MB4 gap-graded overlay
5. Full-thickness MB4 gap-graded overlay
6. Half-thickness MAC15TR gap-graded overlay with minimum 15 percent recycled tire rubber.

The test sections were instrumented with Multi Depth Deflectometers (MDDs) and thermocou-
ples. At regular intervals during the HVS tests the resilient deflections were recorded at several
depths using the MDDs and at the pavement surface using a Road Surface Deflectometer (RSD,
similar to a Benkelman beam). The permanent deformations were also recorded by the MDDs
and the pavement profile was measured using a laser profilometer. Any distress at the surface of
the pavement was recorded. During HVS testing the temperature was controlled using a climate
chamber. Falling Weight Deflectometer (FWD) tests were carried out before and after the HVS
tests. Details on the HVS and the instrumentation can be found in Harvey et al., 1998 and on the
overall study in Jones et al, 2007.

2 SIMULATION OF HVS TESTS USING CalME

The HVS tests were simulated using an incremental-recursive program known as CalME (Ullidtz
et al., 2007). Data from each HVS test were imported into a CalME database. The data comprised
information on loads (time of application and load level), temperatures at different levels, RSD
results, MDD resilient and permanent deformations and pavement profiles.

The backcalculated layer moduli from the last FWD test before commencement of the HVS
loading were used as the initial layer moduli (for asphalt layers at the reference temperature of
20◦C). Layer moduli were backcalculated using CalBack. For asphalt layers the master curve
was obtained from frequency sweep tests on beams in the laboratory, with the exception of the
original DGAC layer where the master curve was based on FWD backcalculated moduli. For the
subgrade the change in stiffness with changing stiffness of the pavement layers and with changing
load level was obtained from FWD backcalculated values. These parameters were used with the
response model (LEAP, Symplectic Engineering Corporation, 2004) to calculate stresses, strains
and deflections in the pavement structure. The strain in the overlay over an existing cracked asphalt
layer was calculated using the reflection cracking model described below.

To predict the pavement performance, in terms of cracking and permanent deformation, a number
of models were used. Parameters for prediction of asphalt damage were obtained from controlled
strain fatigue tests on beams. Repeated Simple Shear Tests at Constant Height (RSST-CH) were
used to determine the parameters for predicting permanent deformation in the asphalt layers. A
crushing model was developed for the self-cementing base layer, consisting of recycled building
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waste material with a high content of crushed concrete. Cracking at the pavement surface was
calculated from the reflection damage to the surface layer, using a model developed based on
previous simulations of HVS tests and the WesTrack experiment, with coefficients modified based
on the results of the present experiment.

An incremental-recursive process was used to simulate the performance of the test sections. The
time increment used was one hour. For the first hour of the simulation the program would read the
temperatures from the database and calculate the moduli, for a constant wheel speed of 9.6 km/h,
the approximate speed of the HVS wheel. The number of loads during the first hour, as well as the
load level and the tire pressure, were also read from the database. The modulus of the subgrade
would be adjusted to the stiffness of the pavement layers and to the load level. If the test had wheel
wander, five different positions of the wheel would be considered. For the first wheel position the
stresses and strains at the center line of the test section were calculated and used to determine the
decrease in moduli and the increase in permanent deformation of each of the pavement layers.
The output from these calculations were used, recursively, as input to the calculation for the next
wheel position. Because of the changes to moduli, response, damage, and permanent deformation
the “time hardening” procedure was used (Deacon et al. 2002).

The first step in the simulation is to make sure that the calculated pavement response is reasonably
close to the actual pavement response during the test. The calculated pavement response is used
to predict the pavement performance (damage and permanent deformation). Therefore, if the
calculated response is not reasonably correct it would be futile to try to use it for calibration of the
performance models. For the HVS tests used for this paper, response measurements were available
in the form of resilient MDD deflections and/or RSD deflections.

Once the resilient deflections are predicted reasonably well during the simulations, it is possible
to calibrate the performance models so that the permanent deformation of each layer, the decrease
in layer moduli and the observed surface cracking, are reasonably well predicted.

3 REFLECTION CRACKING MODEL

Reflection cracking damage was calculated using the method developed by Wu (2005). In this
method the tensile strain at the bottom of the overlay is estimated using a regression equation. The
calculated tensile strain at the bottom of the overlay is used with the fatigue equation described in
the next section to calculate damage in the asphalt layers.

The regression equation for tensile strain at the bottom of the overlay is based on many 2D and
3D finite element calculations, and assumes a dual wheel on a single axle:

Equation 1 Strain, in µ strain, over existing crack
where Ea is the modulus of the overlay,

Ha is the thickness of the overlay,
Eu is the modulus of the underlayer,
Hu is the thickness of the underlayer,
Eb is the modulus of the base/sub-base,
Es is the modulus of the subgrade,
LS is the crack spacing,
σo is the tire pressure, and
a is the radius of the loaded area for one wheel.
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The following constants were used:

To predict reflection cracking, the resulting strain was used with the model for the master curve of
the damaged asphalt, which has the format:

Equation 2 Modulus of damaged asphalt.
where δ, α, β, and γ are constants, tr is reduced time in sec and the damage, ω, is calculated from:

Equation 3 Damage as a function of number of loads, strain, and modulus.
where E is the modulus of damaged material,

Ei is the modulus of intact material,
MN is the number of load repetitions in millions (N /106),
µε is the strain at the bottom of the asphalt layer in µstrain,
SE is the strain energy, and
A, A′, α, β, µεref , Eref , and SEref are constants

The initial (intact) modulus, Ei, corresponds to a damage, ω, of 0 and the minimum modulus,
Emin = 10δ, to a damage of 1.

From previous calibration studies on cracking of new pavements it has been found that the
damage at crack initiation may be determined from:

Equation 4 Damage at crack initiation.
where hAC is the combined thickness of the asphalt layers.

From a calibration study using WesTrack data it was found that the propagation of cracking
could be approximated by:

Equation 5 Cracking in percent as a function of damage.
where Cr% is the cracking in percent of wheelpaths,

ω is the calculated damage, and
ωo, is a constant determined by assuming 5% cracking at crack initiation.
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Measured (RSD) and calculated (CalME) deflections.
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Figure 1. Example of deflections calculated by CalME compared to measured surface deflections.

During HVS testing cracking was measured in m/m2, so the equation was changed to:

Equation 6 Cracking in m/m2 as a function of damage.
The maximum recorded cracking during the HVS experiments was about 8–9 m/m2. It is reasonable
to assume that about 10 m/m2 would correspond to 100% cracking.

4 SIMULATION OF PAVEMENT RESPONSE

As mentioned previously, the deflections normally increase considerable during an HVS test, as
a result of damage to the bound layers (asphalt and self-cementing AB in this case). This means
that the stresses and strains in the pavement layers, which are used in calculation of the pavement
performance, also change during the test. To ensure that the pavement response calculated by CalME
was reasonably correct for the duration of the test, the surface deflections and the deflections at
the depths of the MDD modules were calculated by CalME and compared to the RSD and MDD
measurements.

Figure 1 shows a comparison for the test section with a 45 mm MB15 overlay. Even though
the test section is only 6 m long the surface deflections vary considerably over the area of the test
section. The coefficient of variation on the RSD measurements varies from less than 10% to more
than 20%. It may be noticed that the deflection increases by more than 50% within the first one
million load applications. The drop in deflection after one million load applications is due to the
temperature being reduced from 20◦C to 15◦C.

The three MDDs shown in Figure 2 measured the deflection at (approximately) the top of the
aggregate base. They also indicate a considerable variation within the test section, and show the
same trend as the RSD deflections. The deflections calculated by CalME are seen to be in good
agreement with the measured deflections.

Figure 3 compares all of the deflections measured by the MDD modules nearest the pavement
surface, for all of the HVS tests, to the deflections calculated by CalME.

The section with 90 mm DGAC overlay was split into two sections in the analysis, approximately
at the middle of the section, because the behavior of the two sections were distinctly different.
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Measured (MDD) and calculated (CalME) deflections.
45 mm MB15
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Figure 2. Example of deflections calculated by CalME compared to measured deflections at top of base.
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Figure 3. Comparison of deflections measured by all top MDD modules to CalME deflections.

5 DAMAGE AND CRACKING

The terminal moduli predicted by CalME should be similar to the moduli backcalculated from
FWD tests following the HVS experiment if the damage to the pavement layers has been correctly
calculated. For the present tests there was a decrease in the moduli of the asphalt layers and of the
self-cementing AB. The modulus of the subgrade also decreased with the decrease in the stiffness
of the pavement layers.

In Figure 4 the moduli backcalculated from the first FWD test series after the completion of
each HVS experiment are compared to the terminal moduli from the simulation with CalME. To
show the full range of moduli for all of the pavement layers, the logarithm of the moduli, in MPa,
are shown.
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Logarithm of terminal layer moduli
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Figure 4. Logarithm of terminal moduli, FWD tests versus simulation with CalME.

For prediction of reflection cracking the coefficients of Equation 4 and Equation 6 were modified
to the values shown in Equation 7 and Equation 8.

Equation 7 Coefficients for crack initiation model.

Equation 8 Coefficients for crack propagation model.
Figure 5 shows the observed reflection cracking (Obs), in m/m2, versus the reflection damage,
ω, calculated by CalME for the surface layer. Also shown is the cracking as calculated from
Equation 7 and Equation 8 (Calc), with the assumptions that crack initiation corresponds to 0.5 m/m2

of cracking. The calculated cracking is shown for layer thicknesses of 125 and 170 mm, which
correspond roughly to the combined AC thickness for the sections with thin and thick overlays,
respectively.

The figure illustrates that the visible cracking follows the development of damage.
In Figure 6 the reflection cracking predicted using Equation 7 and Equation 8 is shown as a

function of the observed reflection cracking.

6 CONCLUSIONS

The main conclusion of the analysis was that it was possible to simulate the pavement response
and performance using CalME. The resilient pavement deflections, at the surface and at different
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Figure 6. Predicted versus observed reflection cracking.

depths, were predicted reasonably well for the whole duration of the HVS tests. The empirical rela-
tionships derived from laboratory experiments, to determine permanent deformation and damage,
also predicted the pavement performance reasonably well for the duration of the experiment, when
appropriate shift factors were applied to allow for the difference between the laboratory experi-
ments and the HVS loading. The simple reflection cracking model appeared to work correctly with
respect to the development of reflection damage and cracking.

Another important conclusion of the experiment was that a recursive mechanistic-empirical
method is needed to interpret the results of HVS (or other full scale) testing. This is exemplified by
the test section with 90 mm DGAC overlay. Although the original pavement was constructed to be
uniform over all six test sections it was found that it had quite large variations, both spatially and with
respect to time. The two subsections of the 90 mm DGAC overlay section showed very different
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performances. This difference was predicted reasonably well using the recursive mechanistic-
empirical approach, but would hardly have been possible to consider in a purely empirical analysis.

Once the models of the recursive mechanistic-empirical method have been calibrated the different
overlay materials may be compared through simulations, where the underlying pavement, the
loading, and the climatic conditions are exactly the same for each material. The sensitivity to the
condition of the underlying pavement, the loading, and the climate can likewise be studied. Such
studies are presently being carried out.
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Fatigue investigations of asphalt concrete beams reinforced with
geosynthetics interlayer

P. Zieliński
Institute of Road and Railway Engineering, Cracow University of Technology, Poland

ABSTRACT: The paper presents the results of extensive fatigue investigations on asphalt concrete
beams reinforced with the geosynthetics interlayer. The objective of this research is an evaluation
of the influence of geosynthetics on interlayer bonding and fatigue life of beams reinforced with
geosynthetics. Interlayer bonding is expressed by the interface shear strength and shear stiffness.
Fatigue life is characterized by the initial strain ε0 and the number of load application needed to
reduce stiffness by half. As independent variables the following were taken: the type of mix (asphalt
concrete and SMA) and the type of geosynthetics (polyester nonwoven, polyester geocomposite,
composite: glass grid with polyester nonwoven, as well as for comparative purposes, specimens
without geosynthetics). It was found, that the shear strength at the geosynthetics interlayer contact
area with asphalt layers, even in the optimal bonding conditions, is lower than inside the layer,
so applying geosynthetics in asphalt pavement worsens interlayer bonding in comparison with
the pavement without geosynthetics. For both test temperatures, statistically significant positive
correlation between fatigue and parameters of interlayer bonding (shear strength, shear stiffness)
was proven in statistical analysis, so regressive equations for bituminous pavement characteristics
and their fatigue life were formulated The paper presents final conclusions and also suggests
directions for the future research.

1 INTRODUCTION

The paper presents selected results of fatigue investigations of asphalt concrete beams with the
geosynthetics interlayer [1], [2]. That problem was the subject of number of papers referred to in
[3], [4], [5], [6], [7], [8], [9], [10]. The aim of investigations is an evaluation of influence of a type
and amount of bitumen as well as a type of geosynthetics on fatigue durability of samples. In the
case of application of geosynthetics in asphalt pavement, fatigue durability primarily depends on
interlayer bonding. In this paper the interlayer bonding is represented by shear strength, while the
fatigue durability is expressed by the number of the load applications needed to reduce the stiffness
by half.

2 THE TEST METHODS

In laboratory tests, interlayer bonding was represented by shear strength between layers and shear
stiffness, which were examined with the prototype apparatus (Fig. 1). Maximum shearing force Ps

[kN] was calculated according to the formula (1), whereas shear strength Rs [MPa] was given by the
formula (2). Then, value of tangent modulus T [N/mm] was fixed from graph force-displacement
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Figure 1. Shearing of sample of asphalt concrete with geosynthetic interlayer.

Figure 2. Scheme of cyclic bending test on asphalt concrete samples reinforced with geosynthetics interlayer.

and shear stiffness Ss [N/mm/mm2] was established according to the formula (3).

Fatigue tests were performed on 3-point bending beam samples, under constant load frequency
(10 Hz), for two temperatures: −2◦C and +18◦C (Fig. 2). The temperature −2◦C was established
as an average temperature of pavement in Poland in winter, and the temperature +18◦C as a sample
temperature for the other seasons.

The choice of mode in which the load was applied depends on sample thickness, but in this case
there was no clear recommendation. The mode of constant amplitude of load was applied, which is
recommended for thicker asphalt pavements [11]. Frequency of testing was established according
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Table 1. Load characteristics used in fatigue tests.

Test temperature

Load characteristics −2◦C +18◦C

Max. load – Pmax 5,5 kN 2,5 kN
Min. load – Pmin 0,5 kN 0,5 kN
Load amplitude – Pa 2,5 kN 1,0 kN
Mean load – Pm 3,0 kN 1,5 kN
Frequency – f 10 Hz 10 Hz
Coefficient of amplitude R = Pmin/Pmax 0,091 0,200

to the Polish standard [12], but fatigue threshold was defined as a number of load cycles necessary
to decrease the sample initial stiffness modulus by half.

Load conditions were determined on the basis of preliminary static bending tests, accordingly
to the temperature. The lower level of force amplitude was equal 0.5 kN for both temperatures.
The upper level was calculated as the sum of the lower limit plus 50% of the maximum force.
Characteristics of the load assumed for the tests are given in the table 1.

3 CHARACTERISTICS OF MATERIALS

The asphalt mixes for manufacturing of samples were taken from the asphalt mix plant. Each sample
consisted of two asphalt mix layers combined with the bitumen, with the geosynthetics interlayer
between them. Geosynthetics and bitumen used to soak and glue geosynthetics were delivered by
the producers. In experimental investigations the following variables were assumed:

– type of geosynthetics (polyester nonwoven, polyester geocomposite, two types of geocomposites
consisting of glass grid and polyester nonwoven),

– type of bitumen used for layers bonding (comparatively: pure bitumen D-70, two ordinary
bitumen emulsions: K1-65 and K1-70 and bitumen emulsion K-1-65MP modified with the
polymer),

– type of upper asphalt layer in samples (comparatively: two asphalt concretes with gradation
0/12,8 mm and 0/16 mm plus SMA (Stone Mastics Asphalt) 0/12,8 mm),

– various amounts of bitumen used for layers bonding.

The detailed data concerning the material characteristics are given in the report [1].

4 RESULTS OF FATIGUE LIFE TESTS

Before performing the fatigue tests, the apparent density and content of the air voids in compacted
samples were determined. Then, the samples were submitted to the cyclic loading program, where
number of cycles leading to fatigue and initial strain under bending of beams were measured.

The obtained results were submitted to the statistical processing [13], [14].
Selected results of testing are presented at the Figs 3–5.
Basing on the cyclic bending test results and their analysis, the following significant observations

were formulated:

– Application of nonwoven in asphalt layers has no influence on fatigue characteristics; it is caused
by the low stiffness modulus of nonwoven.
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T = +18◦C.

77
1

7 10
35

2

11
49

0

19
18

4

86
88 11

43
2

18
86

7

19
68

3

15
11

2

38
1

0 60
67

14
65

5

15
31

7

33
13

5

77
2

2 10
14

7

20
50

8

0

5000

10000

15000

20000

25000

30000

35000

40000

without of
interlayer

SAMI without of
geosynthetics

polyester
nonwoven

polyester
geocomposite

glass
geocomposite

type of interlayer

nu
m

be
r 

of
 c

yc
le

s 
to

 f
at

ig
ue

without of bitumen

minimum

optimum

maximum

Figure 4. Fatigue life for AC 0/12,8 samples with various interlayer type and various amount of bitumen in
interlayer, T = +18◦C.

– Effectiveness of application of geocomposites increases at the higher temperature (e.g. +18◦C),
when the geocomposites stiffness modules achieve similar or higher values than the modules of
asphalt layers. At the temperature +18◦C all tested geocomposites give the essential increase of
asphalt layers fatigue, the highest increase was observed for the geocomposites containing glass
grid.

– It was proved that for geocomposites, the interlayer bonding realised by bitumen spreading has
a strong influence on fatigue properties of layers.

– At the temperature −2◦C the effect of geosynthetics application gives a weaker influence on
fatigue properties.
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Figure 5. Dependence between interlayer type and fatigue life for samples glued by 70◦P bitumen, T = −2◦C.

– At the constant amplitude of load, the proportion of durability of samples AC +AC and
AC + SMA without geosynthetics, depends on temperature. At the room temperature num-
ber of load carried by samples were similar, while at the temperature −2◦C the number of cycles
leading to fatigue for the samples AC +AC were two times higher than for samples AC+SMA.
The same conclusion could be drawn for samples with the nonwoven.

5 STATISTICAL ANALYSES OF FACTORS DETERMINING FATIGUE OF ASPHALT
LAYERS WITH GEOSYNTHETICS

The aim of the present analyses is to formulate the regression dependence between interlayer bond
characteristics, the geosynthetics stiffness, chosen characteristics of investigated samples, and
their fatigue, which is expressed by the number of bending cycles needed to decrease the stiffness
modulus by half.

The geosynthetics stiffness was represented by the stiffness modulus [MPa], whereas the
interlayer bond was expressed by the shear strength [MPa] and the shear stiffness [N/mm/mm2].

The stiffness modulus for chosen geosynthetics was investigated in laboratory tests and its
values are given in the paper [2]. The detailed structural characteristics of asphalt mixes are given
in the report [1] and in the paper [2]. The investigated equations were analysed separately for the
temperatures +18◦C and −2◦C.

The search of the regressive dependence between the fatigue durability and materials charac-
teristics of tested samples was done by applying the computer program Statgraphics Plus v. 5.1.
[14]. In the first step, the basic statistical characteristics were calculated e.g. mean values, standard
deviation, skewness coefficient, kurtosis, as well as the normality of data distribution. Then, the
correlation coefficients for tested characteristics, which describe their statistically significance and
the correlation power, were determined. The regressive equations were formulated on the basis of
multiple regression analysis.

For the proposed equations, the coefficient of determination (R2) and corrected coefficient
of determination (R2

kor) were calculated. Then, an analysis of errors, referring to normality and
independency of errors was carried out. For testing of the normality of errors, unusual residuals
and influential points options were used. Independence of errors was tested by means of the Durbin-
Watson statistic, which examines the residuals to determine if there is any significant correlation
based on the order.
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Figure 6. Dependence between tested and estimated number of cycles to fatigue for samples reinforced with
geosynthetics.

5.1 Analyses of the fatigue test results at the temperature +18◦C

For samples reinforced with geosynthetics the significant positive correlations were found between
the number of cycles leading to fatigue and the stiffness of geosynthetics (the correlation coefficient
r = 0,48). Negative correlations between the number of cycles leading to fatigue and the volume
of air voids (r = −0,44) as well as the initial tensile strain (r = −0,65) were estimated. The initial
strain in the cyclic bending was positively correlated with the volume of air voids (r = 0,47), while
the shear strength (r = −0,24) and the stiffness of geosynthetics (r = −0,14) showed a negative
correlation with the initial strain.

The obtained functional dependence, which gives the number of cycles leading to fatigue L, is
presented in the equation (4), whereas fitting of the model is shown in the Fig. 6. Additionally, in
the Fig. 7 the dependence between the number of cycles leading to fatigue, the initial tensile strain
and the stiffness modulus of geosynthetics is presented.

L is the number of cycles leading to fatigue of a sample [-], ε0 is the initial tensile strain [µm/m],
M is the geosynthetics modulus [MPa].

The calculated values of statistics: the corrected coefficient of determination − R2
kor = 50,6%, the

standard error of estimation − SSE = 5055, the mean absolute error − MAE = 3840, the Durbin-
Watson statistic = 1, 67 > 1,4 – autocorrelation of residuals does not exist.

5.2 Analyses of fatigue test results at the temperature −2◦C

For samples with geosynthetics, significant positive correlations were determined between the
number of cycles leading to fatigue, the shear stiffness (the correlation coefficient r = 0,57) and
the stiffness modulus of geosynthetics (r = 0,36).

The obtained functional dependence, which gives number of cycles resulting in fatigue L, is
presented in the equation (5), whereas the fitting of model is shown in Fig. 8.

L is the number of cycles resulting in fatigue of sample [-], M is the geosynthetics modulus [MPa],
S is the shear stiffness [N/mm/mm2].

The calculated values of statistics: the corrected coefficient of determination − R2
kor = 52,6%, the

standard error of estimation − SSE = 10500, the mean absolute error − MAE = 8191, the Durbin-
Watson statistic = 1, 68 > 1,4 – autocorrelation of residuals does not exist.
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Figure 8. Dependence between tested and estimated number of cycles to fatigue for samples reinforced with
geosynthetics.

5.3 Review of the regression analyses

– It was found that the mean of fatigue durability for samples with geocomposites is essentially
higher than the fatigue durability for samples without geosynthetics or with nonwoven.

– For all samples reinforced with geosynthetics interlayer the durability increased with the aug-
mentation of geosynthetics stiffness modulus as well as with the decrease of air voids amount
and with the decrease of initial tensile strain in the cyclic bending.

– Geosynthetics have the effect on fatigue properties of asphalt concrete samples in the temperature
+18◦C; the influence of the geosynthetics modulus on fatigue in this temperature was few times
higher than in the temperature −2◦C. It is caused by the variability of the asphalt concrete
stiffness modulus in various temperatures, whereas, the stiffness modulus of geosynthetics is
practically constant in the applied spectrum of temperature.

– For samples with geosynthetics tested in temperature −2◦C, the fatigue depends on the geosyn-
thetics modulus and the shear stiffness in geosynthetics interlayer, moreover, both parameters
are positively correlated with the fatigue.

– The shear strength and the shear stiffness of the interlayer system, strongly related to the tem-
perature as well as the geosynthetics modulus, considerably influence the fatigue of asphalt
pavements.

– For samples tested in the temperature +18◦C, independently of the interlayer type, the positive
correlation between the fatigue and the characteristics of interlayer bonding (e.g. shear strength
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and shear stiffness) was found, while the initial tensile strain and the volume of air voids in
samples were negatively correlated with the fatigue properties.

– Relation between the fatigue properties and the characteristics of interlayer bonding for samples
with geosynthetics was weak (coefficient of determinations R2

kor = 13, 2 − 16%), whereas, for
samples without geosynthetics, correlation between the fatigue and the shear strength exists
clearly (coefficient of determination − R2

kor = 36%).
– It was observed, that the shear strength is a better estimator of the fatigue in samples with small

amount of saturating bitumen applied in the interlayer system (e.g. samples without geosyn-
thetics, samples with polyester geocomposite), while in case of a higher amount of bitumen
(samples with nonwowen or glass geocomposite), the fatigue is better correlated with the shear
stiffness.

6 FINAL CONCLUSIONS

– The amount of bitumen applied to saturate and fix geosynthetics to asphalt layer, due to the
influence on interlayer bonding, significantly changes fatigue properties of samples. Application
of too little or too much of bitumen diminishes fatigue 1,5–2 times. For both testing temperatures
a positive correlation between fatigue and the parameters of interlayer bonding (shear strength,
shear stiffness) is significant.

– Nonwoven used in the asphalt layers structure, independently of testing temperature, does not
increase fatigue significantly, thus, it could be used only as a stress relieving layer.

– Geocomposites could be used as reinforcement of asphalt pavements. Effectiveness of reinforce-
ments depends on: (1) the transfer of load from asphalt layers to reinforcing elements due to the
stiffness of bonding, (2) the ratio of stiffness modulus of reinforcement to the stiffness modulus
of asphalt layers and (3) the durability of geosynthetics parameters during road service.

– Bonding between geosynthetics and asphalt layers can be improved by the application of
geosynthetics initially impregnated with bitumen modified with polymer or with adhesive agent.

7 DIRECTION FOR FURTHER INVESTIGATIONS

Reinforcing of asphalt pavement with the geosynthetics interlayer is an open problem which con-
cerns new geosynthetics generation, testing method, and theoretical analysis of modelling pavement
behaviour. The further investigations include:

– Monitoring of a condition of asphalt pavements reinforced with geosynthetics. Observations
of pavement conditions should be connected with investigations of interlayer bonding and
geosynthetics behaviour.

– Investigations of effectiveness of new generations of geosynthetics (e.g. carbon grid, basalt grid,
new types of glass geocomposites).

– Improvement of the adhesion of geosynthetics by use of a special adhesion agent.
– Improvement of the bitumen type used to apply glue geosynthetics to the bottom layer.
– Application of the FEM to elaborate the asphalt pavement model with geosynthetics interlayers.
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On site validation and long term performance of anti-cracking
interfaces
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ABSTRACT: This paper deals with the results of an evaluation of different sites in Belgium where
anti-cracking interfaces were used for the renovation of roads consisting of concrete cement slabs.
Different interface systems were used including a SAMI, non-woven geotextiles impregnated with
modified bitumen, grids and steel reinforcing nettings. Depending on the project, the reparations
were executed recently to 16 years ago. The aim of this follow-up is to evaluate their long term
performance.

This paper reports the results of yearly evaluations of experimental roads and other projects
and gives insight in the reasons of failure of certain projects and the long term behaviour of these
techniques. Most of the projects were already evaluated for the previous RILEM-conferences on
cracking in pavements; the long term performance will be completed with the latest information
and conclusions will be presented on the long term behaviour of the different anti-cracking systems.

1 INTRODUCTION

Belgium counts a lot of roads of concrete slabs built in the fifties and early sixties. By this time, many
of these constructions are severely degraded and need to be repaired efficiently. Repairing cracked
roads by only the application of an additional layer of asphalt is rarely a long-term efficient solution.
Deficiencies in the old road are very rapidly reflected at the surface as a result of the combined
effects of thermally induced stresses and traffic loading. These cracks are called reflective cracks.
To extend the service lives of these road structures, interface systems are used for the prevention
of reflective cracking.

During the last decade, The Belgian Road Research Centre had the opportunity to assist at the
realisation of several sites where different anti-cracking techniques were used. This paper deals
with the results of an evaluation of these sites in Belgium. The efficiency of the stabilisation of
cement concrete plates and the interface systems such as a SAMI (stress absorbing membrane
interlayer), a non-woven geotextiles impregnated with modified bitumen, geogrids and steel rein-
forcing nettings were investigated. In particular this paper gives an update of the results obtained
from two experimental road sections and different other projects which were followed in time. The
results from earlier observations were already described in previous papers (Decoene et al., 1993,
Vanelstraete et al., 1996, Vanelstraete et al., 1996b, Vanelstraete et al., 1997, Vanelstraete et al.,
2000, Vanelstraete et al., 2004). They showed the importance of the overlay thickness and gave
evidence for the efficiency of crack and seat technique to prevent reflective cracking. Differences
between different types of interfaces could not be observed in the earlier observations, since the
experimental roads were still very “young” at that time. All results are updated in the present paper.
The earlier conclusions are checked and extended.

For each project, the exact location of the reflective cracks and other type of damage was recorded.
The transverse cracks were divided into three categories, depending on their length: cracks smaller
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Table 1. Description of the four test sections for the experimental road of Berlare: with/without interface
system, with/without crack and seating, with different vertical movements at the crack edges.

Section Interlayer system Crack and seat Slab rocking

1 Steel reinforcement nettings Yes –
2a Steel reinforcement nettings No ±0.5 mm
2b Steel reinforcement nettings No ±1.0 mm
3 No Yes –
4a No No ±0.5 mm
4b No No ±1.0 mm

in length than 1/3, between 1/3 and 2/3, and between 2/3 and the full traffic lane width. Hence, the
number of so-called “equivalent” reflected cracks can be deduced. This value takes into account
that not all cracks have reached their full length. The number of equivalent reflected cracks is
calculated as follows:

in which x1, x2, x3 represent the number of cracks with length ≤1/3; > 1/3 and ≤2/3; > 2/3 of the
traffic lane width, respectively. Knowing the number of original joints/cracks, the percentage of
(equivalent) cracks reflected can be deduced.

2 LONG TERM BEHAVIOR OF TWO EXPERIMENTAL ROADS

2.1 The experimental road of Berlare (1995)

This experimental road concerns four test sections with or without steel reinforcing nettings on the
same road. The traffic level is situated between 2000 and 8000 vehicles per day in each direction,
with heavy traffic. In May 1995, the concrete cement slabs have been overlaid with 4 cm of split
mastic asphalt (SMA). Different anti-cracking techniques were used. Parts are realised with/without
interface, and with/without cracking and seating the concrete slabs. The different damage levels in
the existing road were examined in detail i.e. the different vertical movements at the edges of the
concrete slabs at passing of traffic. Therefore the faultimeter device developed at BRRC was used.
The device is positioned at the two edges of successive slabs and the relative vertical displacement
at passing of a known axle load is measured.

The steel reinforcing nettings were embedded in a slurry seal at a rate of 17 kg/m2 prepared with
elastomeric binder. An overview of the test section is presented in Table 1. These test sections were
constructed in order to compare different rehabilitation techniques and to determine limits for the
vertical movements at the crack edges above which the crack and seat technique is recommended.

Figure 1 gives an overview of the reflective cracking of the different test sections. No correlation
has been noticed between the efficiency of the anti-cracking system and the magnitude of the slab
rocking. In 2002 and 2006 some cracks, visible in previous inspections, disappeared and reappeared
the next year. This effect can possibly be attributed to the temperature and humidity conditions at
the day of inspection that differ from one year to the other.

From Figure 1, it is clear that in the case of the sections where the crack and seat stabilisation of
the concrete slabs was not applied, the steel reinforcing netting delays the propagation of reflective
cracking towards the surface. The highest efficiency against reflective cracking is however obtained
when the crack and seat method is used to stabilize the concrete cement slabs. Even after a long
period of 12 years after rehabilitation of the road, the amount of reflective cracks is below 10%. Up
to this moment it was not possible to see a difference in the efficiency of crack and seat with and
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Figure 1. Results of the appearance of reflective cracks deduced from evaluations of the different test sections
for the experimental road in Berlare rehabilitated in 1995. Sections were performed with/without crack and
seat and with/without steel reinforcing netting.

without steel reinforcing netting, the reappearance is very low for both sections. We will continue
to evaluate this test section the next years.

2.2 The experimental road of Sint-Pieters-Leeuw

Careful installation of interface systems is the key to their good performance, with specific rules
to respect for each type of interface product. As a result of many difficulties encountered in the
past with interface systems, detailed laying procedures for the different interlayer systems are
specified in the Belgian standard tender specifications. An experimental road was constructed to
evaluate these laying techniques and to compare the long term performance of different interface
systems. This experimental road was realised in SintPieters-Leeuw in 1998 and was an initiative
of the local authorities in order to choose the most appropriate reparation technique for the many
cement concrete roads in this area. The Belgian Road Research Centre was in charge of the prior
investigations, the evaluation of the laying procedure of these systems and the follow-up afterwards.

Prior to overlaying, measurements of slab rocking were performed with the faultimeter
(Vanelstraete et al., 1996b). As the relative movements at the crack/joints were of the order of
1 mm and sometimes higher, it was decided to stabilize the slabs by injection. The crack and seat
technique was not used for this road rehabilitation as nearby houses could possibly be affected by
vibrations during the cracking of the concrete slabs. The bituminous overlay consists of a 5 cm thick
SMA. Four different anti-cracking interfaces were applied on the cement concrete slabs: a SAMI,
a non-woven impregnated with elastomeric binder, a glass fibre grid, steel reinforcing nettings
and a reference section without interface system. Each section is about 100 m in length, in both
directions. In the section of the steel netting a culvert was present under the existing road.

The laying procedure of interface systems comprises the following consecutive stages: the appli-
cation of a fixing layer, the application of the interlayer product itself, the placement of a protective
layer in some cases and the application of the bituminous overlay. Table 2 gives an overview of
the laying procedure of the different sections, with the materials and quantities that were used and
their sequence of placement.

The test sections were inspected each year. Figure 2 gives the results of the evaluations of the
different test sections at different time intervals. It can be deduced that the investigated anti-cracking
systems can be divided into two classes depending on their efficiency. A first class is formed by
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Table 2. Overview of the laying techniques and materials for the different test sections on the experimental
road of Sint-Pieters-Leeuw.

Step Sami Non-woven Grid Steel nettings No interface

1 1.5 kg/m2 1.2 kg/m2 0.25 kg/m2 tack 0.15 kg/m2 tack coat 0.20 kg/m2 tack
elastomeric elastomeric coat coat coat
binder binder

2 9 kg/m2 7/10 non-woven glass fibre grid steel nettings bituminous overlay
precoated
chippings

3 bituminous bituminous 1.2 kg/m2 16 kg/m2 slurry
overlay overlay elastomeric seal with

binder elastomeric binder
4 6 kg/m2 7/10 0.2 kg/m2 tack coat

precoated chippings
5 bituminous overlay bituminous overlay
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Figure 2. Results of the appearance of reflective cracks deduced from evaluations of the different test sections
for the experimental road in Sint-Pieters-Leeuw rehabilitated in 1998.

the SAMI and non-woven which give both a considerable delay in the crack initiation. A second
class which performs noticeably better than the first one, consists the grid and the steel reinforcing
netting. Up to eight years after rehabilitation almost no cracks were visible with these interlayer
systems.

For these sections, there is also no correlation visible between the height of the steps in the
concrete and the crack initiation. On the other hand, there is a small trend visible that cracks initiate
more easily at joints than at cracks. This might be explained by the fact that at cracks the load
transfer can still have place due to aggregate interlock.

764



The inspections in June 2007, showed a serious growth of cracks in all sections. In order to have
a complete view on the reflective crack occurrence at the surface, this test section will be inspected
twice each year from new on.

3 LONG TERM EVALUATION OF INDIVIDUAL PROJECTS

The Belgian Road Research Centre has performed evaluations of several individual projects with
interface systems (Decoene et al., 1993, Vanelstraete et al., 1996, Vanelstraete et al., 1996b,
Vanelstraete et al., 1997, Vanelstraete et al., 2000, Vanelstraete et al., 2004). They concern overlays
of cement concrete slabs, in most cases without foundation and with severe vertical movements
(slab rocking) at the edges of the slabs.

Three different interface products have been placed: steel reinforcement nettings (either nailed
or embedded in a slurry in order to fix it with the underlayer) and polyester nonwovens impregnated
with bitumen. Table 3 gives for each of the projects the year of renovation, the type of interface, and
the method of fixing with the underlayer. Other information such as overlay type and thickness,
size of the project, traffic level in number of vehicles per day for each direction and original road
structure can be found in (Vanelstraete et al., 2000). Table 3 gives also an overview of the results
of the observed cracking, noted from 1994 to 2007. Additional information about the inspections
is given further below.

3.1 Project N415

Since 2003, there is a drastic increase of the reflective cracking for this sixteen years old project.
Until then, only limited amount of reflective cracks were observed. But it looks like the surface
degrades fast once it started, over the last 4 years the reflective cracking increased from 30 to
over 60%.

3.2 Project N499

On this 4 cm overlay with steel reinforcement nettings on heavily cracked cement concrete slabs
all joints or old cracks reappeared as transverse reflective cracks after about ten years. The porous
asphalt shows ravelling at a few places. Many cracks are double cracks, spaced about 2–3 cm from
each other, especially in one road direction. The high percentage of reflective cracking is due to
the limited 4 cm overlay thickness, combined with large vertical movements (slab rocking) at the
edges of the concrete slabs. However, the fact that 100 % reflective cracking was observed after
about ten years and not earlier, indicates that steel reinforcing nettings have been indeed efficient.
Lower reflective cracking undoubtedly could be obtained by cracking and seating the slabs before
overlaying and/or by increasing the overlay thickness.

3.3 Project Aalter

This fifteen years old project is seriously degrading now, with a percentage of reflective cracks of
72%. In contrast to the project N499, the slabs have been cracked and seated before overlaying
and a 5 cm (levelling) course was placed in addition to the 4 cm thick top layer. These two facts
undoubtedly lead to the high differences in reflective cracking between these projects.

3.4 Project Genappe

This project where impregnated non-wovens in polyester were applied, shows a lot of reflective
cracking. The reflective cracks are double cracks, which were fine in the beginning phase, but
have now evolved to narrow zones with loss of material between the adjacent cracks. There are
several places with serious ravelling and even complete debonding of the 4 cm asphalt layer (where
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Figure 3. Overview of the reflective cracking in function of the number of years after rehabilitation of the
different projects followed over time.

urgent repair is needed) and with a few zones already repaired. Better results undoubtedly could
be obtained by cracking and seating the slabs before overlaying and/or by increasing the overlay
thickness. After 2003 an extra overlay was applied but nevertheless the existing cracks reappeared
almost completely in the 2007 inspection.

3.5 Project N494 (A)

In this four years old project, no anti-cracking interlayer was used to prevent reflective cracking.
Moreover, only a small overlay thickness was used. As a consequence, already three years after
rehabilitation, a considerable degree of reflective cracks is visible.

3.6 Project N494 (B)

In this four years old project, no reflective cracks are visible up to this moment. It has already
been shown, that the combination of crack and seat, a steel reinforcing netting and a large overlay
thickness is a very efficient way to overlay an existing road (section 2).

3.7 Conclusions

Figure 3 gives on overview of the reflective cracking of the different projects in function of the
time after rehabilitation. Despite the fact that these are individual projects, with different structural
designs and traffic conditions, some general trends are visible, which confirm previous conclusions:

• It can be seen that the thickness of the overlay plays a predominant role for the prevention of
reflective cracking.

• The stabilisation of the cement concrete slabs by the crack and seat method is a very efficient
way to decrease the appearance of reflective cracks after overlaying

• The interface systems seem to slow down the reflective cracking process, however there are
limits to the vertical movements that can be supported.

• The use of an interface systems often leads to two adjacent cracks. In the initial phase they are
very fine, but they then gradually evolve to small zones with loss of material.
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4 CONCLUSIONS

The present paper describes the results of a long term evaluation of two experimental roads and
six individual projects of overlays on cement concrete slabs on different roads, where different
interface systems were used for prevention of reflective cracking.

From all investigated rehabilitations, it can be concluded that the crack and seat method is a very
effective way to prevent reflective cracking. However, it is important to note that this technique
leads to a reduced bearing capacity of the road. Hence, a control of the overall structural design is
important when applying this technique. Also, the thickness of the overlay is of importance. The
thicker the overlay, the more efficient it is against reflective cracking.

The follow up during 9 years of an experimental road where different interface systems (SAMI,
non-woven, grid, steel reinforcing nettings) were applied, showed less reflective cracking on the
sections with interface systems than on the reference section without interface. Moreover, the
observations show there are two categories of materials with a different efficiency, in case of
use on stabilised cement concrete slabs. On one hand a SAMI and a non-woven interface system
delay the appearance of reflective cracks by a limited number of years. On the other hand, a steel
reinforcement netting and geogrid are more efficient and delay the reflective cracking more.
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ABSTRACT: The objective of this study is to investigate the behavior of geogrid reinforcement
in Portland cement concrete (PCC) beams. The results from this study will pave the way for further
investigation of using the geogrid as reinforcement in thin concrete overlays. Two geogrid prod-
ucts, for which the index material properties were obtained, are used for this study. The experiment
comprises of four-point bending tests conducted on PCC beams without reinforcement, with one
layer of geogrid-reinforcement, and with two layers. Results of testing and analysis showed sub-
stantial improvement in the response, particularly increase in ductility after crack initiation caused
by flexural failure. Specimens reinforced with the stiff geogrids show higher energy-absorption
capacity compared to that of flexible geogrids. Based on the study presented, it can be concluded
that the placement of geogrids at the bottom of PCC beams for tensile reinforcement can provide
post-cracking ductility and increase in loading capacity contingent upon the type and physical
properties of geogrids used.

1 INTRODUCTION

Reinforcing steel bars have been conventionally used in reinforced Portland cement concrete pave-
ments to provide the necessary strength required to endure stresses applied by moving loads. While
steel-reinforced concrete is a functional and durable construction material given proper design and
construction; however, several constraints often limit their use. Such limitations include physical
constraints of placing the reinforcing steel bars in thin sections, such as concrete overlays and
white-toppings, extensive time for construction, and concerns of steel corrosion (1, 2). Various
remedies can be and are being adopted to mitigate steel corrosion through protective materials
applied to the reinforcement directly or to the exposed concrete surface (2). Additionally, innova-
tive and traditional materials are on the rise as alternatives to steel reinforcement, including fiber
reinforced polymer (FRP) bars, tendons, and grids (3, 4, 5, 6).

The objective of this study is to assess the feasibility of using geogrids as potential reinforcements
in thin concrete pavements and overlays to provide additional tensile strength and ductility. Of main
importance is to study the ability of the geogrid to mitigate reflective cracking, and control the
cracks once they have reflected by preventing them from widening. The work presented herein is a
pilot study where the actions of the geogrids are first assessed while incorporated in concrete beams.
As such, it is possible to assess, qualitatively and quantitatively, the behavior and mechanisms of
reinforcement under controlled loading and environmental conditions. The findings can then be
used in testing the geogrids in thin slabs under monotonic or moving load.

As reinforcing elements, geogrids have been mainly used in earthen structures, such as pave-
ments, embankments, slopes, and retaining walls. By taking advantage of their high tensile strength,
additional shear strength at the interface between geogrids and surrounding material is realized (8,
9). In geogrids manufacture, the generally used polymeric materials, high density polyethylene
(HDPE), polypropylene (PP), and polyester (PET) offer excellent chemical resistance (10). This
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Table 1. Concrete mix design (kg/m3).

Component Material type Content (kg/m3)

Cement ASTM Type III 480
Fine aggregates River sand 670
Coarse aggregates Crushed stone 1,000
Superplasticizer Mid-range water-reducing admixture 9.6

makes geogrids a potential alternative of steel reinforcements in concrete, especially in thin sections
and in architectural components such as arches where there might not be enough concrete cover
and thus high resistance to corrosion is desirable.

An early research on cement composites reinforced by a stiff geogrid showed that the geogrid
can provide considerable benefits when used as non-structural reinforcement under relatively light-
loading conditions (11). Under dynamic loads, the stiff geogrid was even found comparable with
steel reinforcement with respect to its structural performance (12).

This study on geogrid reinforcement for concrete focuses on the flexural behavior of concrete
beams under a monotonic third-point loading. Two geogrid product types, stiff and flexible, are
incorporated in concrete beams to provide tensile reinforcement in flexure. All beam specimens
including the control beam (with no reinforcement) are cast using the same mix design and tested
under monotonic loading. The inclusion of geogrids in the concrete beams shows significant
benefits on post-cracking ductility. Additionally, a regain of strength is witnessed especially in
concrete beams reinforced with two layers of geogrids. The stiff geogrid exhibits higher strain energy
absorption capacity and provides additional post-cracking ductility to the beams as compared to
the flexible geogrid.

2 EXPERIMENTAL INVESTIGATION

2.1 Material properties

The same mix design for the PCC mixtures (refer to Table 1) was used for all the specimens.
In order to achieve high-strength concrete specimens, a low water to cement ratio of 0.37 was
selected. A superplasticizer additive was added to obtain a high slump thus allowing the aggregates
and cement paste to have adequate contact and interaction with the geogrids. A compressive strength
of 58 MPa (8, 449 psi) was achieved at 21-days for the concrete mix tested per ASTM C 39.

The two biaxial geogrid products referred to as Grid A and Grid B, respectively, are shown in
Figure 1. Grid A is composed of extruded PP sheets, while Grid B is composed of high tenacity
PET multifilament yarns, woven into an open structure and coated with polyvinyl chloride (PVC)
coating. The geogrids were tested for physical properties (details can be found in reference 13),
including flexural rigidity, a critical property characterizing the tensile behavior of the geogrid in
flexure. As per the results shown in Table 2, Grid A is classified as a stiff geogrid, while Grid B is
classified as flexible (14).

2.2 Specimen fabrication

Figure 2 illustrates the schematic of the testing setup.All concrete beams are 15 cm × 15 cm × 56 cm
(6 in × 6 in × 22 in) in dimension. A 3 mm wide, 6 mm (0.25 in) deep notch was sawed at the
midpoint of the bottom face of the concrete beam (Figure 2) to promote flexural failure close to the
mid-span of the beam. For casting the geogrid-reinforced concrete beams, a 5-cm concrete layer
was first poured and compacted in the mold with a vibrator. The geogrid layer was then carefully
installed and kept tight by being tied to the mold. Another concrete layer was cast above the geogrid
(Figure 3). The mixtures were consolidated to the extent possible to ensure intermixing between
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Figure 1. Geogrids used in the concrete beams: (a) Grid A; (b) Grid B.

Table 2. Tested geogrid index properties.

Grid A Grid B

Index property Testing method MD* TD** MD TD

Aperture size (mm) Calipers 25.65 36.58 25.65 26.42
Mass per unit area (g/m 2) ASTM D 5261 319.06 350.93
Tensile strength at 2% strain (kN/m) 9.8 15.6 10.3 11.2
Tensile strength at 5% strain (kN/m) ASTM D 6637 16.8 29.2 18.1 17.4
Ultimate tensile strength (kN/m) 23.9 32.9 39.5 52.8
Elongation at break (%) 20.6 10.9 10.5 12
Junction Strength (kN/m) GRI GG2 (15) 17.7 28.1 7.4 7.1
Flexural rigidity (mg-cm) ASTM D 1388, mod. 1429,355 452,671
Torsional stiffness (cm-kg/degree) COE/GRI GG9 (16) 7.50 3.43

* MD: machine direction (along roll length).
** TD: cross-machine direction (along roll width).

the concrete layers above and below the geogrid. No separation or surface voids were observed
after de-molding the specimens. For concrete beams reinforced with two layers of geogrids, after
the installation of the bottom layer of geogrid, a 2.5-cm thick concrete layer was cast followed by
placing the second layer of geogrid and another layer of concrete mixture. Specimens were then
kept in an environmental chamber at a temperature of 23 ± 5◦C and relative humidity greater than
95% to cure for 21 days before testing.

2.3 Testing and instrumentation

The tests were performed on a closed-loop hydraulic-driven 1MN (220kip) universal testing
machine. A third-point monotonic load was applied via the loading head (Figure 1) at a rate
of 0.02 mm/s. Mid-span displacement of the beam was measured by an extensometer mounted on
a customized steel jig (Figure 4). Loading and mid-span deflection data were recorded using a 16
bit data acquisition system. Data was aquired until complete failure of the beam to investigate the
effects of geogrid reinforcement on the post-cracking behavior.
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Figure 2. Geometry and configuration of the test setup, units in cm.

Figure 3. Casting geogrid-reinforced concrete beams: (a) Placement of the first 5-cm concrete layer; (b)
place the geogrid; (c) cast the second layer of mixture.

3 RESULTS AND ANALYSIS

3.1 Effect of reinforcement on strength, ductility, and flexural energy absorption

Figure 5 presents the load-deflection behavior for the plain (control) and reinforced concrete beams
in flexural tests. Both exhibit a sudden decrease in load immediately after initial cracking develops.
While the failure mode and mechanism of the control beam follows a brittle and sudden failure
given the lack of any reinforcement, the geogrid-reinforced specimens exhibits more ductility,
delayed cracking, and an increase of strength after cracking.

Figure 5 also indicates that geogrid-reinforced specimens exhibit significant deformation before
ultimate failure, most likely due to the geogrid’s ductility, while the deformation of the control
specimen is minimal as expected. The extensive post-cracking deformation of the concrete beams
shows that the inclusion of geogrids provides certain post-cracking ductility, which is desirable in
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Figure 4. Concrete beam under loading and instrumented with an extensometer.

Table 3. Results of the tests.

Maximum Flexural Post-cracking Accumulated
Concrete beam type load (kN) strength (kPa) maximum load (kN) Flexural energy (J)

Control 29.3 3987.1 N/A N/A
GridA_One Layer 26.7 3639.5 6.9 47.9
Grid B_One Layer 26.9 3662.1 7.0 44.5
Grid A_Two Layers 28.3 3856.2 15.5 162.1
Grid B_Two Layers 28.1 3829.6 12.9 112.4

most applications. In comparing Grid A and B, it is noted that concrete beams reinforced by Grid
A exhibit more post-cracking ductility than that by Grid B.

The load-deflection curves for both one-layer and two-layer reinforced concrete are presented
in Figure 6. Substantial improvement of post-cracking load capacity is achieved by including only
one more layer of geogrids. In fact, for Grid A, the post-cracking load capacity of two-layer geogrid
reinforced concrete beams is more than half of the maximum load causing the first crack as can be
seen inTable 3, which indicates that the magnitude of the reinforcing- geogrids strength is somehow
comparable with the maximum tensile load that the plain concrete can endure (refer to Table 2).

The flexural strength, R, is calculated from the following formula (17):

where:
P is the maximum total load measured, units in kN;
l is the span length, 46 cm (18 in);
b is the specimen width, 15 cm (6 in);
d is the specimen height, 15 cm (6 in).

The calculated flexural strength is listed in Table 3. It is noted that the geogrid reinforcement does
not necessarily increase the flexural strength, although the two-layer reinforced concrete possessed
higher strength than the one-layer reinforced concrete.
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Figure 5. Load-displacement relationships for plain and reinforced concrete beams with one-layer goegrid.
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Figure 6. Load-displacements curves for reinforced concretes beams with one- and two-layer geogrids.

The area under the load-deflection curve in Figures 5 and 6 represents the static flexural energy
absorption capacity of the concrete beams. Figure 7 shows that geogrid reinforcement in concrete
beams leads to a substantial improvement in the total energy-absorption capacity. The specimen
with Grid A exhibited higher overall energy-absorption capacity than that with Grid B.

3.2 Failure modes

The control and reinforced beams exhibit different failure modes as displayed in Figure 8 and
Figure 9, respectively. Geogrids were mobilized at the time of crack initiation. For the reinforced
concrete beams, there was extensive crack propagation with wide crack mouth opening before the
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Figure 8. Failure mode of plain concrete beam: (a) Crack initiation; (b) Crack propagation; (c) Failure.
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Figure 9. Failure mode of concrete beam reinforced by Grid B: (a) Crack initiation; (b) Crack propagation;
(c) Crack with large CMOD; (d) Failure.

failure; while the plain concrete beam failed instantly. The additional phase of crack development
demonstrated in Figure 9-c confirms a potential benefit of geogrid reinforcement on post-cracking
behavior.

Upon initial cracking, most of the tensile force is transferred to the embedded geogrids at
the crack. Based on pullout tests for geogrid-reinforced cement, it is found that geogrids with
roughened surfaces are able to provide a resistance force to cause the failure of grid fracture
instead of pullout failure (11). For the specimens consisting of coarse aggregates in this study, in
addition to surface friction along the geogrid, the developed passive stress against the geogrid’s
bearing rib can produce adequate pullout resistance. Geogrids even without roughened surface
therefore experienced fracture failure. Figure 10 shows different failure modes of Grid A and B.
Grid A was torn apart mostly at ribs, while Grid B at junctions. This is possibly attributed to the
significant difference in junction strength of Grid A and B as listed in Table 2.

4 CONCLUSIONS AND RECOMMENDATIONS

Plain and reinforced Portland cement concrete beams with the same mix design are tested under
third-point monotonic loading. The results of this study show that the geogrid reinforcement adds
a substantial post-cracking ductility to the concrete. Different failure modes are observed for plain
versus geogrid-reinforced concrete beams. Reinforced beams exhibit extended crack propagation
after crack initiation and before failure, while the plain concrete beams fail in a brittle mode
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Figure 10. Different failure modes for geogrids: (a) Grid A failed at ribs; (b) Grid B failed at junctions.

instantaneously. The flexural strength of reinforced beams is not necessarily improved due to the
inclusion of geogrids.

It is noted that the two types of geogrid reinforcement exhibit different mechanical behaviors in
the flexural tests. Higher total energy-absorption capacity is witnessed in the concrete beam rein-
forced by the stiff geogrid. Furthermore, the specimens reinforced by the stiff geogrid exhibits more
post-cracking ductility in both one-layer and two-layer cases. The difference in the performance
for geogrids for the same concrete matrix indicates that the physical and mechanical properties of
geogrids play an important role in the reinforcing effectiveness for concrete.

This study reveals the potential benefits of geogrids reinforcement for PCC. Nevertheless, various
aspects associated with this study still need to be investigated, such as: the interlocking between
geogrids and coarse aggregates in the concrete matrix, effects of the number and location of geogrid
layers on the reinforcement performance and cracking propagation, and effects of the development
length.

The contribution of geogrid reinforcement for PCC functionality and performance is promising
for concrete overlay applications. Of particular benefit is their ability to control reflective cracking
by absorbing concentrated stresses at the crack tips and delaying the crack propagation. Once cracks
develop in the overlay, the geogrids are able to control the crack widening. Additional benefits of
geogrids include lack of susceptibility to corrosion, ease of manufacture and handling, higher ratio
of strength to weight, and lower costs. However, more research on the mechanisms of geogrid
reinforcement needs to be performed on thin slabs under monotonic or moving loads.
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ABSTRACT: The tactical arrangement of regular cracks in pavements – so-called joints – cer-
tainly represents an efficient crack preventative method to avoid uncontrolled pavement cracking.
Tight sealing of this design element decisively influences pavement performance as well as service
life although it accounts only for a small fraction of the total investment. Different from the exist-
ing predominantly empirical selection of joint or crack sealing systems a new approach is defined
by engineering-related design based on a verified performance under relevant loading. A conse-
quent realisation of this methodology demands the consideration of the required cyclic movement
capacity as well as crucial climatic exposures – also referred to as ageing effects – during the verifi-
cation of serviceability of these organic and predominantly thermo-plastic materials. Accordingly,
a special testing method including loading function and adequate test equipment was developed at
BAM able to activate the fundamental capability as well as the durability of crack and joint sealing
systems. From the recorded characteristic test values the effective mechanical system behaviour,
the expected maximum loading of the cohesive and adhesive bond and the restoring forces can
be deduced. Additionally the cycle-dependent changes of the mechanical properties permit a ser-
vice life prediction. Thus, the performance of the complete system is reproduced under realistic
conditions. Constructional defects as well as material flaws can be detected and corrected. The
methodology introduced will be discussed on various joint systems. With this tool, an appropriate
technical design optimised for the performance of the required crack abating solution can be chosen.

1 INTRODUCTION

In search for an ideal technical system solution to prevent uncontrolled cracking of rigid pavements
such as concrete pavements, but also for their maintenance or repair in the event of damage, have not
led to any comprehensive or satisfyingly durable solutions to this problem even 80 years following
the prevalence of industrialised road construction. A wide range of constructive, but also material
approaches to solving the problem exist. The range of the constructive approaches extends from
continuously reinforced concrete pavements without joints to pavements with expansion as well
as contraction joints (dummy joints) combined using joint sealants up to pavements with unsealed
joints. If the formation of joints is provided for in the pavement design and if they are to be sealed,
then a multiplicity of joint filling systems is available. In the various national technical rules for
the design and installation of crack preventative joint sealants, they are categorised according to
a wide range of criteria (e.g. according to the material basis or their delivery form, according to
installation technology, by the designated area of use, according to their flexibility or chemical
resistance). At the same time, a special mechanical behaviour is assigned to each category, which
is frequently assumed on a historical basis and as such, based on in some cases outdated or highly
simplified conceptions of the product properties. However, these often empirical classifications
and the associated conception regarding the system behaviour mark the technical rules to date.
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The test tool kit provided for at present in the technical regulations for assessing the performance
of the joint filling systems is generally also aligned with the level of knowledge adopted from the
70’s and 80’s. As a comprehensive analysis of literature concerning the national and international
status of research and technology of qualifying joint filling systems in traffic areas demonstrated,
until the end of the last century an evaluation of the real performance capacity of sealing materials
as well as the system solution is only possible to a very limited extent [1].

Proof of the actual mechanical system behaviour under realistic loads as well as statements
regarding durability (fatigue, climatic aging) is lacking for the most rules and regulations or is only
present in part. In the view of the authors, an imbalance exists thus far between the address in terms
of testing and the status quo of the products resp. possibilities of modern product development (e.g.
focussed implementation of modifying polymers). Rather the evaluation of further developments
with respect to materials or construction, but also a performance-based selection resp. design of
a crack preventative joint filling system for its intended use requires performance-related testing.
As such, it follows that the availability of appropriate test methods is regarded as a requirement
for improved construction solutions with a greater degree of durability. This rating of the given
situation is nearly congruent with conclusions published by Al-Quadi, Masson et al. (e.g. [2]; [3])
activating developments for performance-based material tests as well as system tests . Please find
described herein our special evaluation approach focused on performance-related system testing.

In Germany, joints and cracks in road pavements are to be sealed with joint filling systems in order
to secure their functionality and durability as well as to protect the lower layers of the pavement base.
For this, directives concerning the design, installation and the evaluation of required performance
characteristics for joints in motorways and federal highways are consolidated in the technical rules
ZTV Fug-StB.Also with respect to these regulations, the fundamental knowledge as per [1] is based
predominantly on experiences, which have been passed on and less on methodical tests oriented
to performance. In the above-mentioned technical rules and regulations, a selection of materials
and constructively different joint filling systems is designated for use on road with heavy vehicle
traffic. The potential joint filling systems are categorised as follows and the following fundamental
mechanical behaviour and generally performance requirements are attributed to them.

The current testing procedures required predominantly comprise material properties and only
contain one method for indicating the extensibility of the overall system behaviour. An analysis of
maintenance costs in 2005, which increased to around 1 billion euros (corresponds to approximately
19,000 euros per kilometre of federal highway), shows however that the system solutions for joint
sealing often represent the crucial weaknesses in terms of durability and driving comfort in inflexible
pavements. This also led the authors among other things to the fact that with the exception of a

Table 1. German joint filling sealants for motorway and highway pavements

Category of Attributed General
joint filling systems (abbr.) system behaviour performance requirements

Thermoplastic sealants
(hot applied)
– plastic sealants (PS) Plastic up to 25% deformation capacity (5 mm);

Minimum service life ≥ 5 years
– elastic sealants (ES) Elastic up to 35% deformation capacity (7 mm);

Minimum service life ≥ 5 years
– crack renovating sealants (CS) Plastic up to 25% deformation capacity (5 mm);

Minimum service life ≥ 2 years
Reactive sealants (RS) Elastic up to 25% deformation capacity (5 mm)∗;
(cold applied) Minimum service life ≥ 5 years
Preformed profiles (PP) Elastic up to 30% deformation capacity (6 mm);

Minimum service life ≥ 5 years

∗ fuel – resistant
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Figure 1. Typical joint damages.

test of the deformation capacity, methodically secured, comparable or differentiating statements
on the real system behaviour and durability are not made during initial type testing. Rather, the
cases of damage reported from actual practice indicate the necessity to enquire in a scientific
manner empirically-derived construction principles and to orient the evaluation methodology of
functionality and service life to a practical testing concept in order to address the actual behaviour
and performance in use.

Besides a new approach for the material test on sealants – in a similar approach for quality
assurance as mentioned in [3]; [5] – the development of a corresponding system test method was
necessary for this. The following contribution describes the performance-related test methodology
developed and the experiences resulting thus far in its application to different joint filling systems.
The findings concerning the fundamental mechanical system behaviour identified will be discussed
as well as the service life (durability) of the systems tested. Building on the mechanical system data
collected, constructive empirical regulations can now also be verified in terms of their plausibility
with numerical simulation tests.

2 PERFORMANCE-RELATED INVESTIGAION METHOD FOR JOINT FILLING
SYSTEMS IN TRAFFIC AREAS

To conduct a performance-related investigation method, it was first necessary to determine the
significant loads exerted on joint filling systems and also to stipulate the decisive evaluation
criteria used in identifying the general functionality and durability. The significant loads decisive for
functionality and durability (activation of the internal and external ageing effects) can be categorised
in terms of influences from weather and traffic. Weather conditions constitute direct climatic and
indirect mechanical loads (deformation) of the joint filling systems. Due to the thermo-plastic,
thermo-viscoelastic or thermo-elastic behaviour of the different joint filling materials, the potential
temperature conditions in use and their fluctuation are of particular significance. Fluctuation in
temperatures results in deformation loads of the joint filling systems with simultaneously varied
mechanical behaviour. In order to activate the internal ageing effects, the inserting of thermal and
UV radiation (energy insert) is to be taken into consideration. Besides this ageing, but also the bond
behaviour of the system is significantly influenced by air moisture or precipitation. The dynamic
deformation associated with passing traffic is to be considered as significant influences on joint
filling systems in pavements. An intensified load and activation of ageing processes (synergism)
is to be expected based on the combined effect (superimposition) of the aforementioned loads. As
such, a load function based on practice must take a superimposition of loads acting simultaneously
into consideration.

With the assistance of the investigation method the following statements are to be acquired as
performance-oriented criteria for evaluating the effects of significant loads triggering ageing effects
on joint filling systems.

• A Demonstration of the serviceability (flexibility, cohesive and adhesive bonding)
• B Demonstration of durability (fatigue; load depending change in qualities)

An experimental rig was developed and built to replicate the decisive loads mentioned above.
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Figure 2. Schematic representation of decisive loads on joint filling systems (quantified according to German
climatic, loading and construction conditions).

Based on the analysis of the decisive loads (see Fig. 2), a representative load function for joint
filling systems was compiled adjusted for the conditions in the Germany highway network. During
the process comprising 168 hours (1 cycle), the significant mechanical and climactic loads of one
year are imposed on a sample in a time-lapsed manner. All in all the investigation method concerns
a coupled test procedure controlled in terms of deformation and climate.

Deformation
Simulated Air UV-

Phase season static dynamic Temperature moisture Rain cycles radiation

1 spring 0 m ± 0.1 mm 15◦C from 40% 0 100%
f = 3 Hz to 70%

2 summer −1.0 mm ± 0.1 mm 50◦C 70% 11 × 1 min 100%
f = 3 Hz with 5 l/min

3 autumn 0 mm ± 0,1 mm 15◦C from 70% 5 × 1 min 100%
f = 3 Hz to 20% with 5 l/min

4 winter +4.9 mm (PS) ± 0.1 mm −20◦C – 0 0
+6.9 mm (ES) f = 3 Hz
+4.9 mm (CS)
+4.9 mm (RS)

5 spring 0 mm ± 0.1 mm 15◦C 20% 0 100%
f = 3 Hz

The sample to be tested constitutes a true-to-scale section of a pavement joint. The bordering
flanks may be finished in concrete or asphalt depending on the case of application.

3 TEST RESULTS FROM VARIOUS JOINT FILLING SYSTEMS

Due to their ongoing predominant use for concrete pavements in Germany, sealing compounds
constituted the focus of the tests thus far. Different categories of systems as well as a number of
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Figure 3. Functional principle of the new joint investigation method.

Figure 4. Simplified and time-lapsed load function for loads over the course of one year.

various products of selected categories were tested and compared. All systems tested were approved
on the basis of the conventional test tools and are used in the highway network in accordance with
current technical regulations. Each specimen was exposed to consecutive load cycles from the
above-mentioned load function. The load function itself was adjusted to the performance require-
ments of each category pertaining to regulations with respect to the predefined deformations. The
annual cycles of the load function were repeated at least corresponding to the required minimum
duration (see table 1) resp. up to the loss of functionality (cracking, breaking, debonding). During
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Figure 5. Typical progression of a load displacement, spring stiffness and energy absorption diagrams
(hysteresis curve) over 1 loading cycle for a capable joint filling system.

the course of the trial, the forces F expended for the simulated static and dynamic deformations
were recorded in separate force-displacement-diagrams. Besides this also the climactic parameters
of temperature, moisture and radiation were recorded.

In addition, a visual inspection of the sample for cracks and debonding takes place. The parame-
ters of mechanical stress σ, spring constant k and work performed W were continuously determined
over the entire load cycle based on the data measured.
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Figure 6. Typical force progression for spontaneous failures (crack resp. debonding).

With the parameter σA;max, the stress conditions resulting from the phase-dependent progression
of the forces, which are decisive for the system and the adjacent surfaces to be bonded, are to be
measured, whereupon information is provided concerning the loading of cohesive and adhesive
bond. The spring constant kA provides information concerning the temperature-dependent system
stiffness of the respective product during the transition from season to season. With this parameter,
it is possible to conduct more target-oriented parametric studies with the assistance of numerical
calculations (FEM analysis) in a focussed manner for the decisive load condition at low temper-
atures during winter. The progression of the spring constant kA returns in particular information
regarding the system behaviour when subjected to rapidly occurring and often repeated dynamical
movements. Constant changes in the progression at fixed seasonal conditions are to be interpreted
as a measurement for mechanical fatigue behaviour. Based on the hysteresis curves departing from
the shape resp. their fluctuation during the course of the test together with the course of the mean
value load, information can be derived regarding the characteristic mechanical system behaviour.
The area within the hysterisis curve constitutes a measurement for the capacity to partially absorb
stresses imposed by means of dissipation – a source of informations about the mechanical behaviour
also used in [4].

An analysis of the calculated parameters and their progression following the first load cycle
serves to demonstrate the general functionality of the crack preventing system. According to the
experiences collected, inappropriate material combinations or constructive problems of the system
or faulty installation are already identified at this stage. The relative changes during the subsequent
cycles then reflect the durability.

In this case: System failure caused by improper primer
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Figure 7. Characteristic mechanical data of various plastic sealants (PS) resulting from performance related
system test.

A comparative test of 4 representative system products from the plastic sealants (PS) category
returned a highly differentiated profile featuring a considerable range of varying functionality and
in particular varying durability.

Contrary to formal categorisation, the systems PS tested demonstrate a mechanical behaviour,
which can be generally designated as temperature-dependent viscoelastic behaviour. Both under
slowly progressing deformations (magnitude and progression of intermediate force) and under
rapidly repeated dynamic deformations (hysterisis curves with compression and extension forces),
a part of the stresses imposed is absorbed by means of dissipation. However, an exceptionally
elastic component exists, which on the one hand results in a permanent stress condition under a
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Figure 8. Typical failure profiles in the field (left); after loading in test (right).

static load and on the other, recovers stresses at a proportion of about 60% elastically in the event
of dynamic deformations. This signifies that the mechanical categorisation does not captivate the
existing system behaviour. Based on the diagrams of characteristic values recorded (Figure 7), it is
apparent that the plastic sealants PS 1 to PS 3 are significantly different versus PS 4. The loads from
these comparatively rigid products (kA;cycle1 between 5.8 and 7.1) signify initial system stiffness E
of some 130 to 155 N/mm2.

This leads to stress conditions of 0.58 to 0.75 N/mm2, whereupon the extension force represents
the decisive system load stressing the cohesive and adhesive bond. All plastic sealants tested exhibit
the capacity to partly absorb these loads by means of dissipation. As apparent in the shape and
slope of the hysteresis curves, the system PS 4 demonstrates generally comparable behaviour, but
is adjusted to be considerably softer. In this case, the special material formulation (combination
of plastifying and elastifying modifications) has successfully reduced the stiffness and as such
the resulting stress conditions – also especially in the sealed surfaces – to nearly one third. This
is apparently the reason that the system PS 4 exhibits by far the highest durability of the plastic
sealants tested. Only with this system could the formulated durability requirements for the mini-
mum service life be demonstrated to be assured without detrimenting the functionality. The systems
PS 2 and PS 3 from this category exhibited a failure in functionality after 3 resp. 4 annual cycles
were simulated. The failure type as well as its visualisation detected in the outcome of the system
tests demonstrated very positive compliance with the failure states known in practical experiences.
The weakness of these systems was the insufficient bond to the neighbouring flanks, which was
not of a durable nature.

The system PS 1 showed itself to be generally inappropriate for its intended use. Though the
product was able to demonstrate the required deformation capacity over a short term, it was not
capable of sustaining the loads over the course of a simulated year. In this case, the loads resulted
in failures of the cohesive bond.

The universal applicability of the investigation method is to be demonstrated in the example of a
comparative test of various categories of sealant compounds, plastic, elastic and reactive sealants.
Based on the analysis of the characteristic mechanical values compared in Figure 9, it follows that
the sealants of the type PS and ES cannot – contrary to their categorisation to present – be definitely
attributed to the mechanical behaviour stipulated therein in terms of their mechanical behaviour.
Rather, in both cases this appears to concern viscoelastic compounds, which exhibit solely a widely
varying degree of stiffness (kA) through various compound modifications. This is reflected in the
stress conditions resulting from the deformations. It is shown that the ES sealants are to endure a
stress level which is approximately 3 times less. This preserves the cohesive and adhesive bond and
lastly results in a considerably longer service life, which was identified in the tests. Both system
categories, however, exhibit similar damping properties when subject to dynamic deformation (area
contained within the hysterisis curve WA is equal in size). However, the large difference in stiffness
effects that a greater deformation proportion is elastically restored when subject to a dynamic load
in the case of the PS sealants than with the ES sealants so that one can even determine a mechanical
behaviour opposite to that of the original categorisation. It becomes clear from the tests with respect
to the PS systems that the general performance requirements to be evaluated are not fulfilled. In
this case, new realistic areas of application must be defined for prolonged practical use. The basis
for this may be further tests corresponding to the testing concept presented.
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Figure 9. Characteristic mechanical data of several categories of sealants (PS; ES; RS) resulting from
performance-related system test.

Compared to the PS and ES sealants discussed above, the RS sealant is the only system to
demonstrate authentic elastic behaviour in the outcome of the investigations. Induced stresses are
not absorbed (no damping by means of thermal conversion), but are on the basis of the reduced stiff-
ness approximately 5 times less than with PS and even 2 times less than the ES. Force maxima and
minima under quasi-static extension and superimposed dynamic extension and compression remain
consistently in the tension section so that a permanent tension load prevails. A tension-compression
alternate loading is as such not present. In the test, this system demonstrated the highest durability.
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Figure 10. Schematic representation of static model and loading parameters for FEM-Analysis of superposed
deformations.

Figure 11. Stress distribution σX resulting from superimposed horizontal and vertical deformations for an
ES sealant.

However, it is not to be ruled out that mechanical damages to the compound or imperfections espe-
cially in the bond area due to the permanent stress condition may result in rapid premature failure.

After the tests have shown that the conceptions to present concerning system behaviour and
attributed performance categories have to be revised, a sustained requirement for the review and
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evaluation of the design, constructive regulations and those relating to installation exists. On the
basis of the characteristic mechanical data collected by means of the investigation method, the
possibility now exists of doing so in a simplified initial approach with the assistance of a numerical
simulation calculation (FEM analysis).

A current query constitutes for example proving the applicability and durability of ES sealants
in zones subject to heavy vehicle traffic (transverse joints). There in addition to horizontal
deformations also superimposed vertical deformations act on the system.

Opposite to the previous imaginations according to preliminary results of FEM-calculations, the
resulting stress conditions are not significantly influenced even under superimposed horizontal and
vertical deformation in comparison to the stress conditions resulting from loads simulated thus far
in the new performance tests. This gives reason to evaluate these calculations in further practical
system tests under simulated vertical and horizontal loads to clarify the conditions for a broader
application of ES sealants.

4 SUMMARY

A newly developed test method of the German Federal Institute for Materials Research and Test-
ing, BAM, has demonstrated its suitability for identifying the different mechanical behaviours
of various types of joint filling systems and for differentiating them within the individual prod-
uct groups. The test progression and failure profiles demonstrate proficient compliance with the
occurrences observed in practice. As such, a tool kit exists for performing tests reflecting reality
on crack preventative systems under reproducible conditions. Select influential parameters may be
tested separately. The method enables the evaluation of constructive and material variations and in
particular, provides information for estimating the durability to be expected.
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performance monitoring
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Estradas de Portugal, Portugal

ABSTRACT: In Portugal, the advantages of anti-reflective cracking systems have proved to
effectively slow down the appearance of cracking in semi-rigid pavements.

In 1997 the Portuguese road administration decided to study the performance of different anti-
reflective cracking solutions placed on a damaged flexible pavement. Five different types of anti-
reflective cracking solutions were applied on a test pavement and a study was performed by National
Laboratory for Civil Engineering (LNEC), including the characterization of the existing pavement,
the selection of test sections, the follow up of the construction and a long term performance study
initiated after construction.

This paper highlights the main problems associated with the application of the different anti-
reflective cracking systems, and presents the results achieved from performance monitoring of the
in-service test sections. It was verified that after 8 years of service, the behaviour of test sections
with distinct solutions was starting to differentiate.

1 INTRODUCTION

The use of anti-reflective cracking systems together with asphalt overlays has been used as one of the
rehabilitation options for damaged asphalt pavements. The advantages of anti-reflective cracking
systems for use in semi-rigid pavements have been studied in Portugal, through the performance
monitoring of test sections where different solutions were studied (Quaresma, 1992, Quaresma
et al 2000). However, the crack pattern of damaged asphalt pavements is quite different from the
type of cracking that occurs in cement treated layers.

In 1997 the Portuguese road administration decided to study the performance of different anti-
reflective cracking solutions placed on a damaged flexible pavement, through the construction of a
test pavement where 5 different types of solutions were applied, resulting in 5 experimental sections
for future pavement performance studies. This included a reference solution in which the asphalt
overlay was placed without any anti-reflective cracking system.

The construction was followed up by LNEC, who also performed the structural characterization
of the overlaid pavement, using FWD, core drilling and GPR tests. A long term performance
study was initiated after construction. The monitoring activities comprised visual assessment of
the pavement surface, rut depth measurement and FWD tests. At the end of a monitoring period
of 8 years, new cores were extracted on selected locations, in order to assess the development of
damage through the layers depth.

The following sections give a brief description of the test sections under study, highlight the
problems associated with the practical implementation of the anti-reflective cracking techniques.
The results from the monitoring activities performed within 8 years after construction are presented
and discussed.
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Figure 1. Pavement condition before rehabilitation.

Figure 2. Composition of the existing pavement and rehabilitation solutions studied.

2 REHABILITATION WORKS AND SELECTION OF TEST SECTIONS

The test pavements with different anti-reflective cracking solutions were included in the rehabili-
tation works of the National Road EN 118, between km 28 + 100 and km 43 + 100. The overlay
design was performed considering an equivalent number of 80 kN standard axle loads (ESAL) of
2.3 × 107, during a design period of 10 years.

A detailed assessment of the pavement condition, together with FWD tests, was performed by
LNEC before the rehabilitation works, under the frame of the research program (Antunes et al
2000). Before rehabilitation, the existing asphalt pavement was severely damaged, with extensive
cracking, and wheel track rutting in some areas, Figure 1.

The test pavement comprised 5 different types of rehabilitation solutions, including a reference
solution in which the asphalt overlay was placed without any anti-reflective cracking system. The
composition of each pavement section is presented schematically in Figure 2. This Figure also
shows the composition of the existing pavement before rehabilitation.
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Figure 3. Details of the application of the geotextile and steel mesh.

Each of the above overlay solutions was applied on minimum extension of 500 m. The surface
course was a thin open graded asphalt using modified bitumen, 0.03 m thick, applied throughout
the whole extension. The main issues related to the application of the overlay solutions are briefly
described below.

a) Asphalt Concrete – This pavement corresponds to the “reference solution”, which includes a
conventional asphalt concrete overlay, 0.11 m thick, under the surface course.

b) Stress Absorbing Membrane Interlayer (SAMI) with Modified Binder – this type of solution
comprises a thin asphalt layer with nominal thickness of 10 mm, with a very high modified
binder content, which is placed between the existing pavement surface and the overlay, in order
to delay reflective cracking.

c) Cold Asphalt Concrete Overlay – this solution was selected on the basis that a cold asphalt
concrete layer (using bitumen emulsion) would be “more flexible” than conventional hot mix
asphalt, and therefore, have a better ability to “absorb” crack movements. Because this material
was considered to have lower stiffness than hot mix asphalt, the overlay’s total thickness was
higher than for the other types of solutions. Core drilling performed approximately one month
after construction showed that, at that time, the cold asphalt was not cured yet, since it was not
possible to retrieve a whole core.

d) Bitumen Impregnated Geotextile – this anti-reflective cracking system consists essentially of the
application of an abundant tack coat on the surface, followed by the placement of a geotextile
(Figure 3a), which is therefore impregnated with the emulsion used in the tack coat. In this
case, a modified bituminous emulsion was applied at a rate of 0.5 to 0.8 kg/m2. The main
issue associated with this technique is that the surface where it is applied must be leveled, and
therefore, an asphalt leveling course had to be applied between the existing pavement and the
geotextile. The total overlay thickness was kept at 0.11 m including the leveling course, plus
0.03 m surfacing. The practical application of this solution was found to be difficult on curves.

e) Steel Mesh with Slurry – This anti-reflective cracking solution consists essentially on the place-
ment of a steel mesh (“mesh track”, Figure 3b) on the pavement surface, followed by the spreading
of a slurry seal at a rate of 17 to 25 kg/m2. The slurry seal was produced with a modified bitumen
emulsion. In order not to be dragged by the subsequent paving equipment, the end of the mesh is
fixed to the surface with studs. As in the previous case, the application of this solution calls for
a leveled surface in order to apply the mesh adequately, therefore a leveling course was applied.
Apart from being difficult to apply on curves, the practical application of this solution was found
to be somewhat labor-intensive.

Using the data collected before rehabilitation concerning visual condition of the existing pave-
ment and FWD deflections, a set of 300 m long stretches that are identified in Table 1, were selected
as test sections representing each of the solutions under study. The main criteria for selection of
these sections was to have, as much as possible, similar initial conditions, in terms of surface
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Table 1. Identification of test sections.

Sections Rehabilitation solution Remarks

1, 2 Asphalt concrete (reference) Due to subsequent works, it was not possible to
assess the surface condition of the section in 2005

3, 4 SAMI with modified binder –
5, 6 Cold asphalt concrete overlay –
7, 8 Bitumen impregnated geotextile –
9, 10 Steel mesh with slurry The location of the sections was conditioned by the

need to choose a stretch with no sharp bends

Figure 4. Example of results obtained before and after overlay (section 8: geotextile).

condition and deflections, in all test sections. In general, all the test sections were located in areas
with severe alligator cracking. Each rehabilitation solution was represented by two test sections,
one in each direction. Subsequent monitoring activities were restricted to these test sections.

3 CHARACTERIZATION OF TEST SECTIONS BEFORE AND
AFTER REHABILITATION

Following the execution of the rehabilitation works, FWD tests were performed on the test sections.
At this point, the improvement of the pavement’s response to the FWD load was expressed by a
decrease in the average deflections in all sections, and also a decrease in their variability. In all test
sections, the surface had no defects and no deformations.

Ground Penetration Radar (GPR) tests were also performed, in order to determine the overlay
thickness. These GPR tests were complemented with core drilling, in order to calibrate the results
(Fontul 2004, Fontul et al. 2007). All the cores showed a good condition of the overlay, and a good
bond between layers. Exception is made to the cores extracted in the cold asphalt concrete sections,
where the cold mixed asphalt could not be retrieved, since the curing process had not been finished
yet. The overall conclusion from GPR tests was that the layer thickness had some variations, but it
complied with the minimum values specified for the project.

Figure 4 presents an example of the results obtained for test section 8, where bitumen impregnated
geotextile was used as anti-reflective cracking system. This Figure shows the pavement condition
before overlay (bottom, left side), the FWD deflections measured before (left side) and after (right
side) overlay. Figure 5 shows a core and a sample of the GPR output.
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Figure 5. Example of GPR results and core extracted after overlay (section 8: geotextile).

Table 2. Layer thickness and backcalculated moduli before and after overlay.

Hot mix Cold mix Existing Unbound
Layer AC(1) AC(2) asphalt granular Subgrade(3)

Thickness (m) 4500–6400 2200–2300 1700–3800 260–400 50–75(4)

Moduli @20oC (MPa) 0.12–0.16 0.17 0.11–0.18 0.26–0.57 1.70–1.80

AC – Asphalt Concrete;
(1) – Sections 1 to 4 and 7 to 10;
(2) – Sections 5 and 6;
(3) – Refers to the upper layer of soil. A lower semi-infinite layer with a modulus of 1000 MPa was assumed.
(4) – Except sections 9 and 10, where the subgrade had a higher moduli of 95 MPa.

Using the layer thickness derived from GPR results and cores and the FWD deflections, the layer
moduli of the pavement sections before and after overlay were backcalculated. The results obtained
are summarized in the Table above. Typical values for the Poisson’s ratio of 0.40 for the soil and
0.35 for the unbound granular and asphalt layers were assumed.

4 PERFORMANCE MONITORING

The performance of the test sections was monitored by LNEC between 1998 and 2005 (Antunes &
Fontul 2006), whereby the following activities were performed:

– Visual assessment of surface condition;
– Rut depth measurement in the outer wheel path, at 25 m intervals, using a 3 m straightedge;
– FWD testing in the outer wheel path, at 25 m intervals;
– Coring for assessment of bond between layers and crack development through the asphalt layers.

The visual assessment of the surface condition showed that in 2005, some longitudinal cracks
started to show in the surface. The cold asphalt overlay sections were the ones with more cracking
and the steel mesh sections had no cracking. However, it must be stressed that this latter sections
were set in a better foundation, as already referred in the previous chapter. Apart from the steel
mesh sections, the impregnated geotextile sections were the ones that exhibited less cracking.

Cores performed in 2005 on cracked areas showed that these cracks were initiated at the surface,
but, in some cases, they were located above an existing crack from the old pavement. The photos
shown in Figure 7 illustrate this issue. Another interesting aspect that arised from core drilling
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Figure 6. Cores showing crack initiation at the surface and above an existing crack.

geotextile steel mesh

steel mesh

Figure 7. Cores showing bond braking at the interfaces.

in 2005 was that the bond between the layers in the geotextile and the steel mesh interfaces was
braking (Figure 8).

The results obtained in the rut depth measurements, were averaged within each section, and they
also show some differences between distinct rehabilitation solutions: the steel mesh with slurry
had the best performance, and the bitumen impregnated geotextile sections were second best.

Figures 8 and 9 show the results obtained for rut depth and cracking of the test sections,
respectively.

The deflections measured with the FWD showed that there was a decrease in the deflections
measured in the cold asphalt concrete sections from 1998 to 2001, probably due to the curing of
the cold mix asphalt. In general, there was no significant evolution between deflections measured
in 2001 and 2005, except for the debonded geotextile and steel mesh sections, where there was an
increase in the deflections. This increase was attributed to the lack of bond. In one of the geotextile
sections where there was no debonding, the FWD deflections remained similar to the ones obtained
in previous ocasions.

The backcalculated E moduli for the overlay corresponding to the 1998, 2001 and 2005 FWD
tests are presented in Figure 10. For the debonded sections, the overlay was split into two sublayers
with the same modulus (above and below the interface) and a partial sleep interface was considered
in the backcalculation procedure for the 2005 tests.

Finally, it must be referred that, based on the results from regular traffic counts performed by
the Road Administration, the estimated number of 80 kN ESAL that occurred between 1998 and
2005 is around 3 × 107, which is in the same order of magnitude as the design number of ESAL
originally considered for a 10 years design period.
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Figure 8. Surface condition per section: average rut depth evolution.

Figure 9. Surface condition per section: cracking in 2005.

Figure 10. Structural response of the pavement sections during study- overlay moduli.
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5 CONCLUSIONS AND FUTURE WORK

This paper presents the results achieved on an experimental study concerning the use of distinct
rehabilitation solutions were applied on a deteriorated road pavement. These solutions included
a number of distinct anti-reflective cracking techniques, such as SAMI, bitumen impregnated
geotextile and steel mesh reinforcement. The use of a cold asphalt overlay was also tested, based
on the assumption that a layer with lower stiffness would have a better ability to absorb crack
movements.

The performance of the test sections was monitored by LNEC between 1998 and 2005, whereby
the evolution of surface condition, rut depth and FWD deflections was assessed. The results from
visual assessment of the surface condition and rut depth measurement showed that the section
where cracking and rutting was developing faster was the one with the cold asphalt overlay, and
the sections with better performance were the ones with bitumen impregnated geotextile and steel
mesh reinforcements. The inspection of cores drilled in the test sections showed that the cracking
observed was originated at the surface and also, that there was some debonding in the geotextile
and steel mesh interfaces. The lack of bond seemed to be reflected in the FWD test results, since
only the debonded sections presented an increase in the deflections between 2001 and 2005. The
consideration of a partial slip at the debonded interfaces provided a good match between measured
and theoretical deflections for the 2005 tests.

The interpretation of the results obtained in this experimental study using advanced analytical
models is an interesting topic for future work. Issues such as the surface crack initiation and
propagation or the development of rutting at distinct rates on different types of pavement sections
can be further exploited with advanced modelling (Antunes 2005). The effect of interface conditions
in the development of distresses is also an aspect for consideration.
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effectiveness and service life of strip interlayer systems
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ABSTRACT: A field crack survey and a forensic investigation as a part of interlayer assessment
were conducted to evaluate the effectiveness of three strip interlayer systems applied in Illinois. Field
coring revealed that reflective cracking may not always be located above a joint or an existing crack,
but it is affected by the interlayer system used, bonding, and the overlay mixture characteristics.
Cumulative transverse reflective crack data have been collected by visual survey over several years
after overlay construction. Based on weighted reflective crack rate and considering crack extent and
severity, a reflective crack index (RCI) is proposed to assess the efficiency and cost-effectiveness of
an interlay system. Among the interlayer systems, the interlayer stress absorbing composite (ISAC)
system showed the best performance of the systems investigated in terms of the proposed RCI
parameter and predicted service life. The other strip reflective crack control systems investigated
showed some benefit in reducing reflective cracking amount and severity early in the overlay life.

1 INTRODUCTION

Although hot-mix asphalt (HMA) overlays are an effective rehabilitation strategy, their longevity
is reduced as a result of reflective cracking. Discontinuities in existing pavements, such as joints,
cracks, and/or patches, induce reflective cracking relatively early in the service life of the overlay
(McDaniel and Bahia 2003, Zhou and Lijun 2002). Among several techniques to retard reflective
cracking, interlayer systems have been widely used in the United States (Cleveland et al. 2002,
Al-Qadi and Elseifi 2004). Various interlayer materials have been used as interlayer systems,
including the following: Geosynthetics, geocomposite, steel reinforcement netting, and modified
HMA. Interlayer system performance has been evaluated by field crack surveys, laboratory testing,
accelerated pavement testing, and numerical analyses (Buttlar et al. 2000, Brown et al. 2001,
Dempsey 2002, Zhou et al. 2004, Titi et al. 2003, Elseifi and Al-Qadi 2005). However, interlayer
system effectiveness is still not well quantified due to a lack of understanding of the reflective
cracking mechanism and because imperfect evaluation approaches are used. Life-cycle cost analysis
(LCCA), supported by appropriate agency and user cost data, can be used to evaluate the cost-
effectiveness of interlayer systems. This study introduces an interlayer system assessment approach
and proposes a proper index that can be used to evaluate the cost-effectiveness of interlayer systems.

2 INTEGRATED INTERLAYER ASSESSMENT SYSTEM

The evaluation of interlayer system effectiveness requires an integrated method to understand the
mechanism of reflective cracking and interlayer system effectiveness, collect field performance
data, investigate various field conditions, and assess the cost-effectiveness. In an ongoing project
sponsored by the Illinois Center for Transportation, a method to assess an interlayer assessment
system has been developed by integrating four parts: field crack surveying, forensic investigation,
numerical modeling, and life-cycle cost analysis (Figure 1). Based on preliminary results from
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Figure 1. Integrated interlayer assessment system.

field crack surveys and forensic investigations, the interlayer assessment method is introduced in
this study.

2.1 Field crack survey

To evaluate the performance of interlayer systems, pavement distress survey were conducted both
visually (walking surveys) and using van-mounted video survey equipment. Transverse and lon-
gitudinal reflective cracking were the main distresses monitored in this study. Crack severity and
extent were both collected. In order to distinguish reflective cracks from other types of transverse
cracks, ground penetrating radar (GPR) was utilized to locate joints/cracks patches on pre-existing
pavements. The GPR was also used to locate strip-type interlayer systems and to measure pavement
layer thicknesses. The integrated GPR and video system used also provided safe and rapid reflective
cracking surveys.

2.2 Forensic investigation

Field coring and laboratory testing was also used to better understand the mechanisms behind var-
ious reflective crack patterns observed in the field, such as crack offsetting and debonding, and to
provide material and interface properties for numerical modeling. Four laboratory tests were uti-
lized: Creep compliance (AASHTO T-322), complex modulus, fracture energy (ASTM D7313-06),
interface shear strength; and permeability. Permeability testing was conducted on cores taken
directly over reflective cracks, so that the retained waterproofing benefit of the interlayer system
could be quantified.

2.3 Numerical modeling

Numerical modeling was used to identify the main factors affecting HMA overlay performance and
the interaction between interlayer systems and overlays. Numerical modeling considered various
overlay design parameters and field conditions such as overlay thickness, interlayer types, traffic,
and climate. Using numerical analysis, reflective crack initiation and propagation mechanisms were
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investigated. For instance, modeling was used to gain a better understanding of a crack offsetting
phenomenon observed in the field, where cracks were found to propagate upwards from the edge
of the strip reflective crack control treatment rather than directly over the existing PCC joint. A
detailed description of the modeling performed is beyond the scope of this paper.

2.4 Life-cycle cost analysis

A rigorous life-cycle cost analysis will be performed using the data collected in this study, with the
overall goal of evaluating the cost effectiveness of reflective crack control systems used in Illinois.
Results from the aforementioned steps will also be used to develop a guide to assist pavement
engineers in the selection of interlayer system to control reflective cracking, and will provide
guidelines for optimized overlay thickness design and proper installation techniques.

3 FIELD TESTING

3.1 Section descriptions

Of the twenty-eight sites monitored as part of this study, two sections, MattisAvenue in Champaign,
Illinois and IL29 in Creve Coeur, Illinois were selected for detailed analysis in this paper. In these
sections, three strip-type interlayers were installed on similar existing jointed concrete pavements
(JCP) within the same climatic zone. Field crack surveys were conducted to monitor reflective
cracks.

3.1.1 Mattis Avenue: Champaign, Illinois
Mattis Avenue, Champaign, Illinois has been the subject of reflective cracking studies since 2001.
The original roadway is jointed plain concrete pavement (JPCP), which was constructed in 1966.
The pavement received an HMA overlay in 2000. The length of resurfacing is 1.5 km between Kirby
Avenue (STA. 5 + 00) and Springfield Avenue (STA. 53 + 83) in Champaign (Figure 2(a)). The
overlay consists of 79-mm HMA (41-mm wearing surface and 38-mm leveling binder). Reflective
cracking control interlayer system A strips were applied on northbound (STA. 5 + 00 to 9 + 00);
system B strips were applied on southbound (9 + 00 to 35 + 00); and Interlayer Stress Absorbing
Composite (ISAC) strips, which have a sandwich composition with asphalt binder between strong
and soft geosynthetics, were applied on northbound (STA. 5 + 00 to 53 + 83) and southbound (STA.
35 + 00 to 53 + 83). System A is non-woven reinforcing fabric with a hot-asphalt binder; system B
is a self-adhesive interlayer easy to attach to overlays (Buttlar et al. 2000). An annual average daily
traffic (AADT) of 15,000 with average daily truck traffic (ADTT) of 200 was reported in 2003.

3.1.2 IL29, Creve Coeur, Illinois
The second pavement section investigated is located on IL29 at Creve Coeur in Tazewell County,
Illinois (Figure 2(b)). The existing pavement consists of six-lanes of jointed reinforced concrete
pavement with 15-m joint spacing. This section was rehabilitated with a 57-mm-thick HMA overlay
in 1997. The extent of resurfacing was 667m including on/off ramps of I-474 (STA. 7 + 470 to
7 + 800). The HMA overlay consists of 25 mm of wearing surface and 32 mm of leveling binder
(Figure 2(b)). Two strip-type reflective control interlayer systems, ISAC and system B, were applied
on the two inner lanes; and an unidentified area-type interlayer system was applied in the four outer
lanes. Eleven ISAC and thirteen system B strips were installed over the joints. An AADT of 28900
was reported in 2003.

3.2 Crack survey

The quantity and severity of reflective cracks have been monitored by Illinois department of trans-
portation since 2001 and 2000 for the sections on Mattis Avenue and IL29, respectively. The extent
of the cracks was also recorded in 2006 and 2007 as part of this study. Crack severity is classified
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Figure 2. Section layout and pavement cross section: (a) Mattis Avenue and (b) IL29 Creve Coeur.

Figure 3. Crack type and severity (Mattis Avenue): (a) starting level, (b) sealed (upper) and unsealed (lower)
low level; (c) sealed (left) and unsealed (right) medium level; and (d) high-level double reflective crack.

into four levels: starting, low, medium, and high based on the FHWA distress manual (Miller and
Bellinger 2003). Figure 3 shows typical cracks in the Mattis Avenue section. The width of the
starting-severity-level cracks (Figure 3(a)) was reported as ‘hairline,’ and had a length of less than
0.3 m. Most starting-severity-level cracks observed in this survey were located either under the
wheel path or at lane edges. Two typical low-severity-level cracks are shown in Figure 3(b), with
an average width of less than 6 mm; a portion of the crack had been routed and sealed. Routed and
sealed cracks are considered low-severity when the seal is in good condition, and when no adjacent
cracks exist. Figure 3(c) illustrates medium-severity-level reflective cracks, having a crack width
between 6 mm and 19 mm. High-severity-level cracks either have a width greater than 19 mm or
are adjacent to medium and/or high severity level cracks. Figure 3(d) shows high-severity level,
double reflective cracking, which is sometimes referred to as band cracking. Visual surveys depend
highly on environmental conditions, including angle and amount of sunlight, direction of survey,
and ambient temperature.

3.3 Forensic investigation

Reflective crack paths and locations relative to PCC joints were investigated in selected areas via
field coring. Reflective crack offset from the joint were noted at several coring locations. Figure 4
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Figure 4. Reflective crack offset from a joint with strip interlayer: (a) reflective crack in southbound in IL29;
(b) a core through the reflective crack; (c) a core with system B strip interlayer; and (d) debonding and reflective
crack offset at Mattis Avenue.

shows a reflective crack, which was found to be offset from the PCC joint. In addition, the strip
interlayer systems were found to be debonded at some locations, with cracks propagating upwards
from the edge of the interlayer. These observations, made at both pavement sites, reinforce the
importance of proper installation of interlayer systems. On the other hand, figure 4(d) shows a
much smaller reflective cracking offset, this time 3 cm away from the PCC joint.

4 EVALUATION OF INTERLAYER SYSTEMS

4.1 Reflective cracking index

4.1.1 Crack extent and severity
Traditionally, interlayer system effectiveness has been assessed using measuring crack density,
which is the number or length of cracks per unit length. The crack density approach has two main
drawbacks. First of all, crack density may include other forms of transverse cracks, such as thermal
cracking. For explicit evaluation of the ability of interlayer systems to resist reflective cracking, the
location of joints, cracks, and or patches is needed to isolate reflective cracking from other forms
of cracking. In the case of strip interlayer systems, it is appropriate to assume that all transverse
cracks developed in the vicinity of underlying joints and cracks as reflective cracks.

The second drawback of the crack density approach is the exclusion of crack severity. Crack
severity distributions in 2004 and 2007 at Mattis Avenue are compared in Figure 5. For system
A, the total number of reflective cracks per 30 m in 2004 is similar to that in 2007. According to
this approach, the overlay condition is similar. However, the majority of the cracks in 2004 were
at the low-severity level; while medium-severity-level cracks were predominantly present in 2007.
This suggests the need to develop an index which considers both crack extent and severity. The
development of such an index is presented in the following section.

4.1.2 Reflective cracking index
A proposed reflective cracking index, reflective crack appearance ratio, RRCA, calculates the average
number of reflective cracks per joint/crack/patch (Baek et al. 2008).Adjacent or secondary reflective
cracks are counted as one crack; while a patch with two discontinuities at its edges are counted as
two. The upper limit of RRCA, 1.0, means that reflective cracks occur at all joints. Figure 6 shows
the comparison of RRCA for the sections incorporating systems A, B, and ISAC on Mattis Avenue
and for the sections incorporating system B and ISAC on IL29 Creve Coeur. For the section with
system A on Mattis Avenue and for the section with system B on IL29 Creve Coeur, the RRCA

values reach the upper limit four years after overlay construction. Thus, RRCA itself is inadequate
to analyze the status of reflective cracking after a high degree of reflective cracking deterioration.

805



(a)

May 2004
Mattis

0.0

1.0

2.0

3.0

4.0

S SL LM M MH H

Cack severity

# 
of

 r
ef

le
ct

iv
e 

cr
ac

ks
 p

er
 3

0
m

ISAC
Sys. A
Sys. B

Aug. 2007
Mattis

0.0

1.0

2.0

3.0

S SL L LM M MH H

Crack severity

# 
of

 r
ef

le
ct

iv
e 

cr
ac

ks
 p

er
 3

0
m

ISAC
Sys. A
Sys. B

(b)

L

Figure 5. Reflective crack severity distributions in Mattis Ave.: (a) 2004 and (b) 2007.

Crack severity is added to RRCA by means of a weighted function. The weighted function was
determined from the Illinois condition rating system (CRS) value, which is computed from indi-
vidual distress and is used to evaluate overall serviceability. Weighted reflective crack appearance
ratio, RRCAW, is obtained as follows (Baek et al. 2008):

where, RRCAW = weighted reflective cracking appearance ratio; Wi = coefficient of a weight func-
tion for ith crack severity level (0.75, 1.5, 2.25, and 3.0 for starting-, low-, medium-, and
high-severity level, respectively); (NRC)i = total number of ith severity reflective cracks; and
NJ = total number of joints, patches, and existing cracks.

For Wi = 1, RRCAW is identical to RRCA, indicating uniform reflective cracking severity. However,
RRCAW is greater than RRCA as the severity of reflective cracks increases. RRCA and RRCAW trends
vary over time (Figure 6). While RRCAW (curve A2 in Figure 6(a)) has continued to increase on
Mattis Avenue, RRCA (curve A1 in Figure 6(a)) has remained 1.0 since 2004. From both indices,
RRCA and RRCAW, it can be observed that the extent of low-severity-level reflective cracks increased
until four years; and after that, high-severity-level reflective cracks appeared. Similarly, the trends
of curves B1 and B2 occur in Figure 6(b).

To quantify reflective cracking in a more convenient form, a reflective crack index (RCI) based
on weighted reflective crack appearance ratio is proposed as follows:

where, Ad = a scale factor to adjust maximum RCI to 100.
The value of RCI ranges from 100 (no reflective cracks) to 0 (high-severity-level reflective

cracks at every joint). Figure 7 presents the RCI variation with time for all interlayer systems at
Mattis Avenue and IL29 Creve Coeur. Based on interlayer system types and pavement sections,
RCIs decline at various rates. Using a simple linear regression model, the slope of RCI curve (RCI
changing rate) can be determined. The regression curves show a goodness of fit for all interlayer
systems at R2 > 0.9. If RCI of 50 is assumed as a trigger value for reflective cracking repair; then
the repair year for interlayer systems are 12.0 years and 7.3 years for the ISAC on Mattis Avenue
and IL29 Creve Coeur, respectively; 4.5 years for the system A; and 4.9 years and 4.8 years for the
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Figure 6. Reflective cracking appearance ratio over time with (bold) and without (dot) a weight function:
(a) Mattis Avenue and (b) IL29 Creve Coeur.

system B on Mattis Avenue and IL29 Creve Coeur, respectively. Based on the repair year of the
ISAC, the relative benefit of the ISAC system to the system B is 147% and 53%, on Mattis Avenue
and IL29 Creve Coeur, respectively. The RCI estimated from uniform reflective crack appearance
ratio (‘x’ symbols on Figure 7) shows an unreasonable trend (no degradation) after only 3.6 years
of overlay construction. This supports the notion that crack severity should be considered in the
analysis of reflective cracking.

4.2 Evaluation of interlayer systems

Analysis of variance (ANOVA) was performed on the RCI parameter to statistically examine the
differences between interlayer systems. The p-values comparing the mean RCI for ISAC and
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Figure 7. Reflective crack index (RCI) variations over time for the interlayer systems.

Figure 8. Relative benefits of interlayer systems compared to system B.

systems A and B on Mattis Avenue were 4.3% and 1.9%, respectively. For Creve Coeur, the p-value
between the RCI values for ISAC and system B was 4.1%. In both cases, the RCI and, therefore,
overlay performance was significantly better in the ISAC treated areas. On the other hand, the
p-value of the mean RCIs for systems A and B on Mattis Ave. is 99.4%, indicating no significant
difference between the two systems.

Figure 8 illustrates the relative benefit of ISAC and system A as compared to system B, using the
RRCAWparameter. In the case of ISAC, the relative benefit as compared to system B decreases with
time, but even in the long term, it maintains a greater performance. At Mattis Avenue, after seven
years, RRCAW is 50% higher than system B, and for Creve Coeur, 21% higher even after nine years.
On the contrary, system A shows some benefit at the beginning of the overlay life; but after four
years, the benefit is less than system B. Overall, comparable performance is observed in systems
A and B.

5 SUMMARY

The main purpose of the paper is to develop a method which is able to quantify the effectiveness
of interlayer systems used in HMA overlays to retard reflective cracking. Field crack surveys
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and forensic investigations on two sites, Mattis Avenue and IL29 Creve Coeur in Illinois, were
conducted to investigate the effectiveness of three types of interlayer systems. It was often observed
that reflective cracks were shifted from a PCC joint and developed from either an edge of a strip
interlayer or at a distance from the joint due to possible debonding; which was clearly noted during
the coring process.

This study proposes a reflective crack index (RCI) to evaluate the status of reflective cracking
using a weighted reflective crack appearance ratio, RRCAW in which reflective crack severity and
extent are considered. Using the RCI, the effectiveness of interlayer systems was quantified and
compared to the performance of interlayer system B. A total of 12.0 and 7.3 years were required
for the RCI value to be reduced by 50% (the rehabilitation trigger level) when ISAC was used in
pavement sections at Mattis Avenue and IL29 Creve Coeur, respectively. However, just under five
years were required to reach the rehabilitation trigger level when other interlayer systems were
used. This study concludes that for the three interlayer systems investigated, ISAC shows better
performance and a potential to significantly increase the overlay service life against reflective
cracking distress. However, since ISAC generally has a higher per unit length cost than the other
systems investigated, a full life-cycle cost analysis will be required in order to fully assess the cost
effectiveness of these systems.
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ABSTRACT: Knowledge of the conditions governing the initiation and propagation of cracks in
Hot Mix Asphalt (HMA) mixtures is a prerequisite for a comprehensive understanding of HMA
cracking mechanisms. According to the “HMA Fracture Mechanics” pavement cracking model
recently developed at the University of Florida, fundamental tensile failure limits of mixtures
(fracture energy density and tensile strength) are identified as key parameters in defining the
cracking resistance of HMA mixes.

A Digital Image Correlation (DIC) system, developed for the purpose of investigating the crack-
ing behavior of HMA mixtures, has been applied to accurately determine fundamental tensile
failure limits of SBS polymer modified mixes. The effect of modification on crack localization and
crack growth was also investigated. One unmodified and four SBS polymer modified HMA mixes
were tested performing both the Superpave IDT test and the Semi-Circular Bending (SCB) test.
Tensile failure limits and cracking behavior of two of these mixes (the unmodified and a heavily
SBS linear modified) were evaluated also from the Three Point Bending Beam (3PB) test. Full field
strain maps indicate that the addition of SBS polymers in mixtures leads to more homogeneous
stress states during tensile loading condition, resulting in high strains strongly localized up to the
location of impending fracture.

1 INTRODUCTION

Knowledge of the conditions governing the initiation and propagation of cracks in Hot Mix Asphalt
(HMA) mixtures is a prerequisite for a comprehensive understanding of asphalt pavement cracking
mechanisms. In the last decades, several research efforts have been focused on the development of
a reliable system to determine mixture’s resistance to crack development and propagation (1,2,3).
A pavement cracking model developed by Zhang and Roque (4,1) has introduced the concept
of a threshold as a failure criterion for the initiation and propagation of cracks. Based on this
framework, two HMA tensile failure limits (namely the tensile strength and the fracture energy
density) were found to be fundamental HMA properties, independent of specimen geometry and
test configuration and not affected by polymer modification (5,6).

However, the evaluation of these fundamental HMA material properties rests on the accuracy of
displacement and strain measurements.

The most common fracture tests performed on asphalt mixture specimens employ on-specimen
mechanical strain measurement techniques (e.g. strain gauges and LVDTs). These devices are
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simple to use, but their drawback is not being capable of accurately capturing localized or non-
uniform strain distributions, thus not allowing for true point-wise analyses of a strain field. This
prevents the exact determination of the important location of crack initiation, not easily allowing
the determination of the strain values at the instance and location of which a crack initiates. Tra-
ditional on-specimen strain measurement techniques also do not provide flexibility, because the
measurement location must be decided prior to the test. This precludes the possibility of a “back
analysis” of the resulting strain field over an area of finite extent, and, above all, does not capture
full field displacement/strain measurements in the specimen. In comparison, the detection of crack
initiation in HMA specimens is simplified by field measurements of deformation over an area of
finite extent, since typically cracks appear in somewhat non predictable locations.

During the last decade, several types of full deformation field measurement techniques have been
proposed for composite material characterization (7). Since the advent of target location in digital
or digitized images (8), alternatives based on analogue photogrammetry and vision metrology
have also become viable (9). Digital image correlation was proposed in the 1980’s (10,11,12)
as an automated approach for the computation of surface strains and displacements. It was later
advanced to study 2-D solid mechanics problems, being successfully applied to determine strains
in specimens of resin films (13), fiber reinforced polymer composites (14,15), and concrete (16).
Previous works conducted by Seo and Chehab (17,18) have successfully applied a Digital Image
Correlation (DIC) technique to investigate asphalt mixture’s fracture process zone at the crack tip
as well as to extend the performance prediction of mixes to the postpeak region.

Recently, a system for non-contact and full strain field measurement was developed at the
University of Parma (19,20) for the purpose of investigating the cracking behavior of hot mix asphalt
mixtures (HMA). The DIC system has shown to overcome the shortcomings of traditional on-
specimen strain measurement devices, achieving satisfactory accuracy compared to strain gauges.
Furthermore, the new image correlation system has been proved of providing point-wise analysis,
allowing for the exact determination of the location of crack initiation, and also for the calculation
of strain values at the instance of crack initiation (6,20).

In this paper, the DIC technique was applied to accurately determine fundamental tensile failure
limits of polymer modified HMA mixes. The effect of modification on crack localization and crack
growth was also investigated. One unmodified and four SBS polymer modified HMA mixes were
tested performing both the Superpave IDT test and the Semi-Circular Bending (SCB) test. Tensile
failure limits and cracking behavior of two of these mixes (the unmodified and a heavily SBS linear
modified) were evaluated also from the Three Point Bending Beam (3PB) test.

The results presented indicate that the DIC method allows for an easy and accurate determination
of tensile failure limits for both soft and hard modified asphalt mixtures. Full field strain maps
indicate that the addition of SBS polymers in mixtures leads to more homogeneous stress states
during tensile loading condition, resulting in high strains strongly localized up to the location of
impending fracture.

2 DIGITAL IMAGE CORRELATION (DIC) SYSTEM

The Digital Image Correlation (DIC) system was specifically developed for HMA strain estimation,
taking into account both translations and rotations of the specimen as well as large deformations.
The technique utilizes two or more digital images depicting at least partly the same scene; a matching
algorithm automatically establishes correspondences between grey value windows extracted from
the digital images.

A sophisticated image matching technique (Least Square Matching) (21,22) was employed for
the purpose of providing matches with sub-pixel accuracy even in the case of large deformation.
The DIC technique involves: specimen surface treatment, appropriate illumination, and a suitable
equipment placement. A sequence of images is acquired with a digital camera Basler AF 101
(resolution 1300 × 1030, focal length 8 mm, pixel size 6.7 micrometers, 12 fps@max resolution)
during tensile fracture testing of HMA specimens. The optics adopted at maximum magnification
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Figure 1. Digital image correlation system – Experimental setup.

allow 30 µm per pixel resolution. The camera which is directly connected with a personal computer,
is located on a support inside a climatic chamber of a material testing system, focusing up to 3.5 cm
from the area of most interest of the specimen (i.e. the most stressed area). A lighting system, created
on purpose to properly illuminate the specimen inside the climatic chamber, is composed of 4 white
lights which can be oriented according to the specimen shape and/or dimensions: two horizontal
guide rails allow horizontal movements while two 20 cm eyelets in which the lights are embedded,
allow vertical settings. The experimental setup is shown in Figure 1.

Before testing, the specimen requires a preliminary surface treatment to guarantee the success of
the technique at the base of the image correlation method. This treatment consists of a homogeneous
texture realized by a thin white painting overprinted by a speckle pattern of black obtained through
manipulating the nozzle of the spray with proper pressure form a certain distance.

The camera was set up at a distance away from the specimen so that the resulting imaging window
was focused on a 5 × 4 cm Region Of Interest (ROI) at around the location of maximum stress. The
camera was set to acquire five frames per second (fps), which was found to allow for an optimal
strain accuracy over time, processing time, and data storage.

A dense set of features, artificially generated on the specimen surface, is accurately tracked
by the algorithm along the image sequence to obtain image coordinates. From the image coordi-
nates, displacements and deformations can be evaluated in image space and, with an appropriate
transformation, in object space.

The performance of the method was previously investigated by several tests resulting in a sub-
micron measurement accuracy. For HMA tests, the capability of the method was valuated comparing
strains registered by a strain gauge with those estimated with the DIC method. Accuracies of 1/100
pixel were achieved.

3 MATERIALS AND TEST METHODS

Five 12.5-mm nominal maximum size asphalt mixtures were involved in this study. The mixes were
composed by the same aggregate type and gradation but differently modified asphalt binders: one
unmodified and four SBS polymer modified asphalts. Modified binders were obtained blending
the unmodified one with different percentages of SBS cross-linked polymer or SBS linear polymer.
A 3.5% of both cross-linked and linear polymers were added to the unmodified binder to obtain
soft modified mixtures. Hard modified mixes were prepared blending the virgin binder with the
maximum allowable percentage of polymer modifier to maintain asphalt stable, resulting in 5%
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Table 1. Asphalt binder properties.

Asphalt binder N RM3.5 RM5.0 LM3.5 LM6.5

Performance grade PG 58-22 PG 64-22 PG 70-22 PG 70-22 PG 76-22
Blend Unmodified N + 3.5% N + 5.0% N + 3.5% N + 6.5%

cross-linked cross-linked linear linear

Un-aged asphalt
Dynamic Shear 2.58 @ 58◦C 2.46 @ 64◦C 1.55 @ 70◦C 1.40 @ 70◦C 2.12 @ 76◦C
(10 rad/sec)
G∗/sinδ, kPa

RTFO aged residue
Dynamic Shear 4.77 @ 58◦C 4.64 @ 64◦C 4.64 @ 70◦C 2.35 @ 70◦C 3.05 @ 76◦C
(10 rad/sec)
G∗/sinδ, kPa

PAV aged residue @100◦C
Creep Stiffness 179 and 0.353 130 and 0.335 147 and 0.323 173 and 0.311 150 and 0.324
and m-value @ −22◦C @ −22◦C @ −22◦C @ −22◦C @ −22◦C
60 sec.

for the cross-linked polymer and 6.5% for the linear polymer. The SBS were blended with the base
asphalt by the manufacturer using high shear milling. Details on the asphalt binder composition
and PG grading test results are listed in Table 1. The mix design was conducted solely on the
unmodified mixture according to the Marshall procedure, resulting in an optimum asphalt content
of 5.2%. All the modified mixtures were prepared with the same effective asphalt content as the
N2 unmodified one to assure that the SBS modifier was the only factor affecting the test results.

Cylindrical specimens were obtained compacting the mixes to 6 (± 0.5) percent air voids into
152 mm diameter specimens using the Pine Gyratory Compactor. Each specimen was then sawn to
obtain two effective plates, each 30 mm thick discarding the top and the bottom plates for reducing
density gradient effects. The slabs were compacted on a proper compactor (6) set to produce
300 mm long by 300 mm wide by 75 mm tall specimens. The slabs were then cut to produce beam
specimens to the final dimension of 300 mm long by 75 mm tall by 100 mm wide.

Three different test methods, the Indirect Tensile Test (IDT), the Semi-Circular Bending Test
(SCB) and the Three Point Bending Beam Test (3PB) were performed on three replicates at 10◦C
using an MTS closed-loop servo-hydraulic loading system. All the five mixes were tested per-
forming both the IDT and SCB tests, while the 3PB test was performed using the unmodified (N)
and the SBS linear hard modified (LM6.5) mixes. Details on the test procedure and strain field
estimations are described by Birgisson et al (6).

4 EVALUATION OF TENSILE FAILURE LIMITS

“HMA Fracture Mechanics” is a visco-elastic fracture mechanics-based framework recently devel-
oped at the University of Florida (1,4) to describe the cracking behavior of HMA mixtures. The
implication with this work is that changes in stiffness and strength are typically accommodated by
changes in the visco-elastic properties of mixtures. This pavement cracking model has introduced
the concept of the existence of a fundamental crack growth energy threshold below which damage
is fully healable. If loading and healing conditions are such that the induced energy does not exceed
the mixture threshold, then the mixture may never crack, regardless of the number of loads applied.

The Fracture Energy Density corresponds to that threshold required to fracture the mixture with
a single load application. This parameter can be easily determined from the stress-strain response
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Figure 2. Comparison between pinpoint and average tensile stress-strain responses obtained from all tests
for the unmodified and the SBS linear hard modified mixture.

of a tensile strength test as the area under the stress-strain curve at first fracture. Further details are
discussed by Roque et al. (1).

In the test performed, strain values were estimated using the DIC System, at the specific point in
which a crack has found to have visibly initiated, then fracture energy densities were computed as
the resulting area under the tensile stress-strain curve up to the fracture point. Two different strain
curves were estimated: a pinpoint one computed at the specific point in which a crack develops
and the resulting mean strain value of the length covered by the strain gauge. The mean response
was obtained interpolating all the strain values computed over the strain gauge length.

Figure 2 shows a comparison between pinpoint and average tensile stress-strain responses
obtained from all the tests for the unmodified and the SBS linear hard modified mixtures. Tensile
strengths and fracture energy densities for all the mixtures obtained from the three tests are shown
in Figures 3 and 4, respectively.

From the results it can be observed how pinpoint tensile strengths do not significantly differ from
those obtained with mean analysis. Conversely, fracture energy densities obtained at the specific
point in which a crack has initiated are always about 20% higher than those evaluated along the
strain gauge area. This means that tensile strains values obtained as average values along a finite
area might be not totally representative of localized strains at impeding fracture. Rather, it may be
more appropriate to perform a point-wise analysis of localized strains at the point of impending
fracture.
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Figure 3. Comparison between pinpoint and mean tensile strengths of the five mixtures.

Figure 4. Comparison between pinpoint and mean fracture energy densities of the five mixtures.
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Figure 5. Full field strain maps during the IDT test for each mixture.

These results can lead to the possible conclusion that the effect of stress concentration due to the
impending fracture requires the introduction of a specific damage or fracture model.

5 DIC FULL-FIELD ANALYSIS

One of the main advantages of the DIC System is its capability in capturing full-field strain map
measurements, allowing for the detection of crack localization and for observations on crack
initiation and growth. The measured horizontal strain map (from crack initiation to major crack
opening) for the five mixtures during IDT and SCB are shown in Figures 5 and 6 respectively.
The same results obtained for the unmodified and the linear SBS hard modified mixes during
the 3PB test are shown in Figure 7. From full field strain maps it can be observed how tensile
strains are greatly localized in the area in which a crack initiates. Moreover, it should be noted how
SBS modified mixtures show high strains only up to the location of impending fracture, while the
unmodified mix exhibits more location of high strain concentration both in the critical area and
around the point of fracture. This means that the addition of polymers in mixtures leads to more
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Figure 6. Full field strain maps during the SCB test for each mixture.

Figure 7. Full field strain maps during the 3PB test for two mixtures.

818



homogeneous stress states during tensile loading conditions. Finally, from the full field strain maps
it’s clearly evident that tensile strains develop around aggregates, while no strains are registered
where a coarse aggregate exists.

6 SUMMARY AND CONCLUSIONS

A Digital Image Correlation (DIC) system for non-contact and full-field strain measurement was
applied to accurately determine fundamental tensile failure limits of SBS polymer modified mixes
and to investigate the effect of modification on crack localization and crack growth.

The system provides full-field strain analysis, thus not requiring the user to attempt to determine
the location of crack initiation prior to the test or to mount multiple sensors on the specimen surface.
Moreover, the new image correlation system provides point-wise analysis, allowing for the exact
determination of the location of crack initiation, and also for the calculation of strain values at the
instance of crack initiation.

One unmodified and four SBS polymer modified HMA mixes were tested performing both the
Superpave IDT test and the Semi-Circular Bending (SCB) test. Tensile failure limits and cracking
behavior of two of these mixes (the unmodified and a heavily SBS linear modified) were evaluated
also from the Three Point Bending Beam (3PB) test.

Tensile failure limits of the mixes were estimated using the “HMA Fracture Mechanics” cracking
model using the concept of a threshold as a failure criterion for the initiation and propagation of
cracks.

The results indicate that fracture energy densities obtained at the specific point in which a crack
has initiated are always about 20% higher than those evaluated along the strain gauge area. This
means that tensile strains values obtained as average values along a finite area might be not totally
representative of localized strains at impeding fracture.

Moreover, full field strain maps indicate that the addition of SBS polymers in mixtures leads to
more homogeneous stress states during tensile loading condition, resulting in high strains strongly
localized up to the location of impending fracture. Finally, it’s clearly evident that tensile strains
develop around aggregates, while no strains are registered where a coarse aggregate exists.
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ABSTRACT: This study was conducted to assess the effectiveness of the treatments applied by
Washoe County, Nevada to mitigate reflective cracking which were limited to varying overlay
thickness with either nonwoven geotextile fabrics, petromat, or no fabric placed over the original
construction or reconstruction sections followed by an overlay. The overlay thicknesses varied from
37.5 to 63 mm (1.5 to 2.5 inches) without fabric placements and were limited to 50 mm (2 inches)
with either fabric type. The performance of nearly 200 sections was analyzed in this study using
the pavement condition index (PCI) from Micro PAVER, as well as three modified PCI values that
were developed from fatigue cracking, longitudinal and transverse cracking, and a combination
of both. The best performance of the treatments observed was petromat with a slurry seal placed
between the initial construction and the overlay placement followed closely by the nonwoven fabric
without prior slurry seals.

1 INTRODUCTION

Hot mixed asphalt (HMA) overlays are one of the commonly used methods for rehabilitating
deteriorated pavements. A major type of distress influencing the life of an overlay is reflective
cracking (Dempsey 2002). When asphalt overlays are placed over severely cracked pavements,
cracks can reflect to the surface relatively quickly. Reflective cracking can allow water to percolate
into pavement structure which can further damage the HMA by promoting the stripping of the
asphalt binder from the aggregate. It can also significantly weaken the base and subgrade materials,
leading to a catastrophic failure of the pavement structure.

The underlying cause of reflective cracking is the significant increase in the tensile stresses at
the interface of the crack and the new HMA overlay due to discontinuity across the crack. The
developed tensile stresses can rapidly exceed the tensile strength of the HMA overlay forming
the crack, which quickly propagates to the surface. Combating reflective cracking can generally be
achieved by either: (a) reducing the magnitude of the tensile stresses at the crack-overlay interface
or (b) increasing the tensile strength of the HMA overlay.

Increasing the thickness of the HMA overlay reduces the magnitude of the tensile stresses at
the crack-overlay interface for given traffic conditions. Fabrics and geotextiles increase the tensile
strength of the HMA overlay as a whole. These materials have high tensile strengths and if they
are effectively bonded to the HMA layer, can improve the tensile strength of the overlay. Selecting
the best type of fabric or geotextile requires an in-depth assessment of their relative properties and
their long-term performance.

The propagation of cracks through the new HMA layer is impacted by various factors such
as: treatment of the cracks in the old pavement, the installation of a crack retarding techniques,
properties of the new HMA mix, traffic loads, and environmental conditions. Traffic loads and
environmental conditions are primarily fixed for a given project, which leaves crack treatment,
retarding technique, and the design of the new mix as the three factors to be optimized.
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A larger research project is being conducted to evaluate the techniques that have been used in
the state of Nevada to mitigate reflective cracking. The objective of this portion of the study was
to evaluate the various mitigation techniques previously used by Washoe County.

Based upon the referenced reports, it can be concluded that in most cases and in general terms,
the use of paving fabrics have been found to be advantageous given the appropriate application and
usage. In general, the proper overlay with fabric materials (Cleveland et al. 2002) must be used
in the proper circumstances (Maxim 1997, Carmichael et al. 1999, Amini 2005, Sprague 2006,
Button et al. 2007). Given the appropriate application, fabric treatments have been found to provide
life cycle cost benefits (Buttlar et al. 1999, Carmichael et al. 1999, Amini 2005, Sprague 2006) by
improving the overall performance of the overlaid pavement (Mascuana 1981, Buttlar et al. 1999,
Amini 2005), by reducing the moisture conditions, or by being equivalent to additional overlay
thickness in terms of cracking resistance (Maxim 1997, Carmichael et al. 1999), but not structural
capacity (Carmichael et al. 1999). These considerations have included observation from the US,
Europe, and South Africa.

2 WASHOE COUNTY PRACTICE

The Washoe County Engineering Department (WCED) has constructed several projects with and
without geotextile fabrics in conjunction with HMA overlays over existing HMA pavements to
mitigate reflective cracking and reduce moisture penetration into the pavement structure. This task
of the study evaluates the performance of selected projects to examine the effectiveness of the
geotextile fabrics on Washoe County roadways in northwestern Nevada, USA.

The information used in this analysis was obtained from a selective review of the Micro
PAVER database maintained by the WCED as part of their pavement management system. The
environmental conditions of the region can be characterized as a high desert, which generally
indicates relatively low annual precipitation rates, generally around 250 mm (10 inches), but
nearly all locations in the county below 500 mm (20 inches), except for the mountainous regions
surrounding LakeTahoe (Sierra Pacific 2007). Being a high desert, the area is subjected to relatively
high summer temperatures, periodically over 38◦C (100◦F), and generally mild winters, usually not
below −18◦C (0◦F). However, the region is subjected to significant daily temperature fluctuations
varying by 17 to 22◦C (30 to 40◦F), but may exceed 25◦C (45◦F), between consecutive day and
night temperatures throughout the year (NOAA 2007).

The overlays in this study without fabrics were specified to receive a tack coat of either SS-1
or SS-1h prior to the overlay. The overlays which used fabrics were specified to use 1.1 Liters per
square meter (actual 0.25 gallons per square yard) of AR8000 applied before the fabric.

The overlay treatments were applied between 1988 and 2001. Overlays placed over previously
overlaid pavements were not utilized in an effort to minimize the variability of the base
pavement sections. The overlays were generally dense graded HMA with a 12.5 or 19 mm
(0.50 or 0.75 inch) nominal maximum aggregate size with AC-20 or AR4000 unmodified
binders (RTC 2007). The treatment sections were further divided by the placement of a slurry
seal some years prior to the overlay. The nearly 200 utilized sections can be categorized as
follows.

• NF-37.5: a 37.5 mm (1.5 inch) overlay over the existing pavement without fabrics.
• NF-50: a 50 mm (2.0 inch) overlay over the existing pavement without fabrics.
• NF-63: a 63 mm (2.5 inch) overlay over the existing pavement without fabrics.
• F-50: a 50 mm (2.0 inch) overlay over a nonwoven geotextile over existing pavement.
• F-50s: a 50 mm (2.0 inch) overlay over a nonwoven geotextile over the existing pavement that

had been slurry sealed 4 to 6 years prior to the overlay.
• P-50: a 50 mm (2.0 inch) overlay over petromat over existing pavement.
• P-50s: a 50 mm (2.0 inch) overlay over petromat over the existing pavement that had been slurry

sealed 3 to 5 years prior to the overlay placement.
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The fabrics used were typically 136 gram per square meter (4 ounce per square foot) nonwoven
geotextile fabrics. Petromat is a product produced by any number of suppliers, which generally
includes similar weight fabrics that have been impregnated with asphalt binder.

The majority of the roadways under the county’s direction are classified as minor arterials,
collectors, and residential streets. After a general examination of the county’s overlay program, all
of the sections that met the selection criteria were utilized. The selected roadways were limited to
the Reno/Sparks area to reduce, if not eliminate, the effects of differential environmental conditions
and elevations, thus normalizing the environmental conditions as much as practical. Since specific
traffic counts were not available for all the sections, the selection was limited to those classified
as residential in function. The sections were also restricted in relative location to other roadways
in terms of traffic flow. For instance, a main thoroughfare through town was not used, just as
cul-de-sacs and dead ends were not utilized in the study.

No condition surveys were conducted on any of the sections as part of or specifically for this
analysis. All of the information used in the analysis were obtained and compiled into the Micro
PAVER software by WCED personnel as part of their standard maintenance program. Because
many of the sections are no longer in physical existence, only in the MicroPAVER records, no field
verification or material sampling was possible.

3 EVALUATION OF WASHOE COUNTY PROJECTS

3.1 Data collection and processing

Prior to data collection procedures, each portion of the subject roadways must be uniquely identified
with network, branch, section, and sample unit designations. The main function of data collection
procedures are the condition surveys, which are the visual condition surveys conducted on the des-
ignated sample units to provide an indication of the pavement’s condition and thus its performance.
These condition surveys are conducted periodically to identify the type, amount, and severity of
the selected number of pavement distresses visible at the pavement surface. The distress types used
are determined by the agency utilizing the software from the overall listing available in the soft-
ware package. The cracking types, extent and severity used by WCED are defined in the Asphalt
Distress Manual, Pavement Distress Identification Guide for Asphalt-Surfaced Roads and Parking
Lots (USACE 1997).

In order to establish the desired historical performance records, the condition surveys are usually
conducted on the same sample units each time, generally on 10% of the available sample units.
The frequency of the inspections often depends upon the rate of pavement deterioration, which can
be linked to traffic loading, environmental conditions, and the pavement condition itself. WCED
typically conducted condition surveys used in this analysis every other year. There are exceptions
to this timing, especially if any maintenance or other construction operations took place between
the regularly scheduled inspections.

Once the information is accurately gathered, checked, and entered into Micro PAVER, the
analyses can be performed by calculating the Pavement Condition Index (PCI). The PCI is a
numerical indicator used to measure the condition of the pavement. The PCI values range from 100
for a roadway without any distresses to a value of 0 for a severely distressed and failed pavement.
The PCI values are calculated for each section not each individual sample unit. Each PCI value is
calculated by the Micro PAVER software (Shahin 2007). In the interest of space, the description of
the calculations and the method for performing the calculations manually were left as a reference
in ASTM D6433 (ASTM 2003). The analyzed treatment responses were those based upon the
resulting PCI values for the respective test sections.

3.2 Analysis criteria

The analyses for the various sections were conducted utilizing the PCI values at four different ages
with respect to the treatment date. The first PCI values were obtained as close as possible to, but
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Table 1. Relative age characteristics of selected washoe county projects.

Project age, (years) relative to treatment
application at

Number
Treatment Description of projects Year −1 Year +1 Year +3 Year +5

NF-37.5 No fabric + 52 Average −1.2 1.6 3.6 5.5
37.5 mm overlay Minimum −0.01 0.8 2.5 4.6

Maximum −2.7 2.2 4.2 6.7

NF-50 No fabric + 34 Average −1.3 1.4 3.1 5.1
50 mm overlay Minimum −0.16 0.6 2.7 4.7

Maximum −2.1 2.1 4.1 6.0

NF-63 No fabric + 39 Average −1.3 1.1 3.1 5.0
63 mm overlay Minimum −0.04 0.6 2.5 4.5

Maximum −3.0 2.2 4.2 6.0

F-50 Nonwoven fabric + 24 Average −1.5 1.2 2.7 4.7
50 mm overlay Minimum 0.0 0.7 1.9 3.9

Maximum −3.0 1.9 3.9 5.8

F-50s Nonwoven fabric + 11 Average −1.1 0.8 3.0 5.1
50 mm overlay + Minimum −0.8 0.7 2.9 4.9
prior slurry seal Maximum −3.1 1.0 3.2 5.2

P-50 petromat + 50 mm 19 Average −1.9 1.2 3.0 5.1
overlay Minimum −0.9 0.7 1.9 4.3

Maximum −3.3 1.7 3.9 5.7

P-50s petromat + 50 mm 14 Average −1.4 1.0 2.2 4.4
overlay + prior Minimum −0.3 0.8 1.6 3.8
slurry seal Maximum −1.7 1.1 3.0 5.2

before the overlay placement, indicating the condition of the pavement before rehabilitation. The
remaining PCI values were selected according to the available inspections based upon the relative
dates from the overlay placement. Thus, the inspection dates used were from the year before and one,
three, and five years after rehabilitation resulting in the respective designations of −1 PCI, 1 PCI,
3 PCI, and 5 PCI. These dates could not be selected at the exact time intervals due to the variable
schedule of the inspection dates conducted about every other year. Therefore, the inspections used
in the analyses had the timeframe variations noted in Table 1.

The specific criteria used in the analyses included the overall Pavement Condition Index, PCI,
from Micro PAVER, as well as three modified PCI values based upon fatigue, longitudinal and
transverse cracking, and a combination of both.

3.3 Field performance analysis of the selected Washoe County projects

The PCI values used in the analysis included the overall PCI calculations, which included all
the identified distresses, and the three modified PCI values based upon the reported fatigue and
longitudinal and transverse cracking as follows:

• PCIOv: the overall PCI value includes all of the distresses identified during the WCED surveys;
including fatigue cracking, longitudinal and transverse cracking, block cracking, bleeding,
rutting, bumps, sags, corrugation, depression, edge cracking, lane shoulder drop off, patch-
ing, utility cuts, polished aggregates, potholes, railroad crossings, shoving, slippage cracking,
swelling, weathering, and raveling.

• PCIFat: a modified PCI value based solely on the fatigue cracking using the same sample units
as the PCIOv, but ignoring all other identified distresses.

• PCILT: a modified PCI value based longitudinal and transverse cracking using the same sample
units as the PCIOv, but ignoring all other identified distresses.
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Table 2. Statistical analysis of the various treatments based on PCIOv.

At year −1 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)

NF-37.5 – L NS L L L L
NF-50 – – H L L L L
NF-63 – – – L L L L
F-50 – – – – L L NS
F-50s – – – – – NS H
P-50 – – – – – – NS

At year +1 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)
NF-37.5 – L L L L L L
NF-50 – – NS L NS L NS
NF-63 – – – L NS L NS
F-50 – – – – NS NS NS
F-50s – – – – – NS NS
P-50 – – – – – – NS

At year +3 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)
NF-37.5 – NS L L L L L
NF-50 – – L L L L L
NF-63 – – – L NS NS L
F-50 – – – – H H NS
F-50s – – – – – NS L
P-50 – – – – – – L

At year +5 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)
NF-37.5 – L L L L L L
NF-50 – – NS L L L L
NF-63 – – – L NS L L
F-50 – – – – H H NS
F-50s – – – – – NS L
P-50 – – – – – – L

• PCIFLT: a modified PCI value that includes both fatigue and longitudinal and transverse cracking,
but ignores all other distress measurements.

The modified PCI values, PCIFat, PCILT, and PCIFLT, were calculated by the Micro PAVER software
from their respective distress measurements utilizing all the same sample unit definitions and
distress measurements as the overall PCI values. There are slight variations in the actual deduct
values attributed to each distress, since the calculations did not include the other identified distresses
in each section. These variations are both expected and deemed acceptable, since the three modified
PCI values were intended to be used as an indicator of the amounts of fatigue cracking, longitudinal
and transverse cracking, and the combined effects on a relative scale. They were not intended to
state exactly how those distresses affected the overall PCI values, as that would not accurately
represent the influence of the respective distresses independently either. Therefore, the modified
PCI values should be considered as indicators only.

The performance of the various treatments were statistically compared to each others based on
the average PCI values at the respective ages using the statistical analysis software SAS (Fernandez
2003). All statistical analyses were conducted at the 5% significance level (α = 0.05) which means
that for each comparison reported as significantly different or not, there is only a 5% chance that the
statement is not true. The analyses were conducted utilizing the least square means methodology (LS
Mean) in a two-way fixed factor analysis and incorporated the robust adjustment process to correct
for normality. The analyses where conducted using each of the four PCI conditions as the responses.
The condition of the section prior to the overlay, the −1 PCI values, and the time between the
initial construction or reconstruction and the overlay placement were also considered as covariates.
Tables 2 and 3 summarize the statistical comparisons between the various treatment means PCIOv
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Table 3. Statistical analysis of the various treatments based on PCILT.

At year −1 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)

NF-37.5 – L L H L NS NS
NF-50 – – NS H L H NS
NF-63 – – – H L H NS
F-50 – – – – L NS L
F-50s – – – – – H H
P-50 – – – – – – NS

At year +1 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)
NF-37.5 – NS L L NS L L
NF-50 – – NS L NS L NS
NF-63 – – – NS NS NS NS
F-50 – – – – NS NS NS
F-50s – – – – – NS NS
P-50 – – – – – – NS

At year +3 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)
NF-37.5 – L L L L L L
NF-50 – – L L L L L
NF-63 – – – NS NS NS NS
F-50 – – – – H NS NS
F-50s – – – – – NS L
P-50 – – – – – – NS

At year +5 (NF-37.5) (NF-50) (NF-63) (F-50) (F-50s) (P-50) (P-50s)
NF-37.5 – L L L L L L
NF-50 – – L L L L L
NF-63 – – – L NS NS L
F-50 – – – – H H NS
F-50s – – – – – NS L
P-50 – – – – – – L

and PCILT values at the four relative ages. Comparisons of PCIFat have been excluded, due to all the
comparisons being statistically the same with all the mean PCIFat values after the overlay placement
exactly 100. Similarly, the PCIFLT comparisons have also been excluded since they almost exactly
mirror those of PCILT. The high, low, and not significant notations are provided as an indication
of improvement, degradation, or insignificant differences. The following nomenclature is used in
Tables 2 and 3.

• L – The PCI value listed in the row is significantly lower than the (column).
• H – The PCI value listed in the row is significantly higher than the (column).
• NS – The PCI value listed in the row is not significantly different from the (column).

Tables 4 and 5 summarize the statistical ranking of the various treatments based on the PCIOv and
PCILT, respectively. Again the PCIFat and PCIFLT comparisons have been omitted due to lack of
significant differences. The effectiveness of the various treatments are evaluated based upon: the
plots of the four mean PCI values as a function of the relative age, the rate of deterioration of
the respective mean PCI values, the difference between the initial condition (i.e., PCI at year −1)
and the pavement condition (i.e., mean PCI values) 5 years after treatment application, the mean
PCI values 5 years after treatment application, as well as future projections of the condition of
the respective treatments 10, 15, and 20 years after treatment application. The deterioration rate
and the projected PCI values at 10, 15, and 20 years were predicted using a best fit linear model
which assumed a constant rate of deterioration based upon the first five years of performance.
Although a linear deterioration rate does not appropriately model the expected future performance,
these analyses was used to differentiate between the deterioration rate as compared to the current
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Table 4. Performance rankings based on PCIOv.

PCIOv ranking* based on

Projected PCIOv values
PCIOv rate of PCIOv Year 5

Treatment deterioration improvement PCIOv 10 years 15 years 20 years

NF-37.5 7 3 7 7 7 7
NF-50 6 2 6 6 6 6
NF-63 5 1 5 5 5 5
F-50 2 4 2 2 2 2
F-50s 4 7 4 4 4 4
P-50 3 6 3 3 3 3
P-50s 1 5 1 1 1 1

Table 5. Performance rankings based on PCILT.

PCILT ranking* based on

Projected PCILT values
PCILT rate of PCILT Year 5

Treatment deterioration improvement PCILT 10 years 15 years 20 years

NF-37.5 7 7 7 7 7 7
NF-50 6 5 6 6 6 6
NF-63 3 4 3 3 3 3
F-50 2 1 2 2 2 2
F-50s 4 6 5 4 4 4
P-50 5 3 4 5 5 5
P-50s 1 2 1 1 1 1

* Ranking from best to worst; i.e., the projects ranked as “1” had the best performance.

condition, i.e. to compare faster deterioration rates starting at higher PCI values to those with
slower deterioration rates at lower initial PCI values.

3.3.1 Analysis based on PCIOv

By examining Figure 1 and Table 2, it becomes evident that the sections without fabric (NF-37.5,
NF-50, and NF-63) resulted in statistically lower PCI values after the treatment, even though they
initially started out with lower PCI values. It should be clarified that the PCI values after the
treatment application have all been normalized to the initial condition (−1 PCI). The fabric and
petromat treatments indicate significantly improved overall performance, with prior slurry sealing
being beneficial to petromat and detrimental to the nonwoven fabric treatments. The petromat
treatment with prior slurry seals (P-50s) exhibited statistically similar performance to the nonwoven
fabric without the slurry seal (F-50). On the other hand, the petromat without the slurry (P-50)
exhibited statistically similar performance to the nonwoven fabric with slurry seals (F-50s). Table 4
shows a common agreement between the ranking of deterioration rates and the 5, 10, 15, and 20 year
PCIOv values, which generally indicates that the petromat with the prior slurry seal (P-50s) was the
most effective treatment followed by the nonwoven fabric without prior slurry seals (F-50). These
are followed by the P-50 and F-50s treatments, with the non fabric treatments not as effective as the
four fabric treatments. The ranking is nearly reversed for the PCI improvement between the −1 and
year 5 PCI values, suggesting the overall improvement may not be a sufficient indicator of treatment
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Figure 2. Statistical PCILT values with relative age.

effectiveness when based upon the overall pavement condition. This might also suggest that there are
too many other distresses, other than fatigue, longitudinal, and transverse cracking, that influence
the overall PCI values, thus further supporting the reasoning for the three modified PCI values.

3.3.2 Analysis of PCIFat

None of the treatments indicated any differences in fatigue performance as evidenced by the means
of the PCI values after the treatment all being 100. Any comparisons that could be conducted similar
to Table 4 would be limited to PCI improvements, which would be based on the initial condition
and not performance. Therefore, the only significant finding based upon the PCIFat is that a five
year assessment period is not long enough to make a determination in this study.

3.3.3 Analysis of PCILT

Figure 2 andTable 3 indicate the petromat with the slurry seal (P-50s) provided the best performance,
followed closely by the nonwoven fabric without slurry seal (F-50). The 63 mm treatment without
fabric appeared to perform better that the remaining two fabric sections. The nonfabric (NF-63),
nonwoven fabric with slurry seal (F-50s), and the petromat without slurry seal (P-50) treatments all
provided statistically similar performance. NF-37.5 and NF-50 treatments were again statistically
the least effective treatments. Table 5 rankings generally agree according to deterioration rate, 5,
10, 15, and 20 year PCILT values, and the PCI improvement criteria.

828



3.3.4 Analysis of PCIFLT

Because of the essentially nonexistent effects of fatigue cracking on the PCIFLT values, the PCIFLT

values rank very similar to those of the PCILT values. Therefore, the analysis of the PCIFLT values
does not provide any additional information.

4 CONCLUSIONS FROM THE WASHOE COUNTY PROJECTS

The following general conclusions concerning the performance of reflective cracking treatments
in Washoe County, Nevada are based on the combined analyses of distress data and PCI values.
The following summaries should be viewed in light of the relative number of sections considered:
125 nonfabric sections, 35 with fabrics, and 23 with petromat.

• After the five year analysis period the average PCIOv values for all treatments remained in the
“Good” condition (i.e., PCI above 86) except for the NF-1.5 which remained “Satisfactory” (i.e.,
PCI from 71 to 85). These PCI condition categories are based upon the definitions incorporated
in to the Micro PAVER program and are used by WCED.

• In terms of both PCIOv and PCILT values, the best performance of the treatment types observed
was the petromat with a slurry seal placed prior to the overlay placement (P-50s), followed by
the nonwoven fabric without prior slurry seals (F-50).

• Based upon PCIOv and PCILTvalues, the next beneficial treatments were the nonwoven fabric
with prior slurry seals (F-50s) and the petromat without prior slurry seals (P-50).

• According to both PCIOv and PCILT values, the least effective treatments were those without
fabric placement. However, the 63 mm overlay without fabric (NF-63) can perform similar
to the nonwoven fabric with prior slurry seals (F-50s) and the petromat without prior slurry
seals (P-50) in terms of longitudinal and transverse cracking resistance. However, the overall
pavement condition does not reflect such good performance by the 63 mm sections without
fabric or petromat placements.

An alternative way of analyzing the effectiveness of the various treatments is to examine the time
when cracks appeared at the pavement surface. Table 6 summarizes the number of projects that
showed surface cracks within 1 year, between 1 and 3 years, and between 3 and 5 years from the
time of construction with the following conclusions made.

• The nonfabric sections were not able to prevent the initiation of longitudinal and transverse
cracking for the first year after the overlay placement. Most of the sections without fabric
showed surface cracks within 1 to 3 years after construction. The number of sections with
reflective cracking after 1 to 3 years of treatment application decreased with the increase of the
overlay thickness. Specifically, the 63 mm overlay retarded reflective cracking on 38% of the
sections for 3 to 5 years after construction compared to 26% and 13% of the sections for the 50
and 37.5 mm overlays without fabrics.

• In general, the fabric sections without the prior slurries retarded reflective cracking for 1 to 5
years after construction. About 42% of the nonslurried fabric sections exhibited longitudinal and
transverse cracking within the 1 to 3 year timeframe. Additionally, almost half of the sections
exhibited reflective cracking within the 3 to 5 year timeframe.

• In general, the fabric section with prior slurries retarded reflective cracking for 3 to 5 years
after construction with only two sections showing reflective cracking within the first year after
construction. Only one section of the nonslurried fabric sections exhibited reflective cracking
within the 1 to 3 year timeframe. Additionally, almost half of the sections exhibited reflective
cracking within the 3 to 5 year timeframe.

• In general, the petromat sections without the prior slurries retarded reflective cracking for 1 to
5 years. Over half of the nonslurried petromat sections (58%) exhibited reflective longitudinal
and transverse cracking within 1 to 3 years. At the end of the five year analysis, only 11% of the
nonslurried petromat sections remained without any cracks.
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Table 6. Summary of the washoe county treatment performance.

Sections showing surface cracking (number/percentage)

Time to develop surface cracks

Treatment <1 year 1–3 years 3–5 years No cracks, 5 years Number of projects

Fatigue cracking
NF-37.5 1/2% 4/8% 9/17% 38/73% 52
NF-50 1/3% 4/12% 5/15% 24/71% 34
NF-63 1/3% 4/10% 6/15% 28/72% 39
F-50 0/0% 1/4% 3/13% 20/83% 24
F-50s 0/0% 1/9% 1/9% 9/82% 11
P-50 0/0% 2/11% 4/21% 13/68% 19
P-50s 0/0% 0/0% 0/0% 14/100% 14

Longitudinal and transverse cracking
NF-37.5 4/8% 40/77% 7/13% 1/2% 52
NF-50 5/15% 18/53% 9/26% 2/6% 34
NF-63 7/18% 12/31% 17/44% 3/8% 39
F-50 0/0% 10/42% 11/46% 3/13% 24
F-50s 2/18% 1/9% 5/45% 3/27% 11
P-50 0/0% 11/58% 6/32% 2/11% 19
P-50s 0/0% 4/29% 3/21% 7/50% 14

Fatigue or longitudinal and transverse cracking
NF-37.5 4/8% 40/77% 7/13% 1/2% 52
NF-50 5/15% 19/56% 9/26% 1/3% 34
NF-63 7/18% 15/38% 15/38% 2/5% 39
F-50 0/0% 10/42% 11/46% 3/13% 24
F-50s 2/18% 1/9% 5/45% 3/27% 11
P-50 0/0% 11/58% 6/32% 2/11% 19
P-50s 0/0% 4/29% 3/21% 7/50% 14

• In general, the petromat sections with the slurries retarded reflective cracking for 1 to 5 years on
half of the sections and for at least 5 years on the remaining half of the sections. Additionally, the
slurried petromat sections never did develop fatigue cracking during the 5 year analysis period.
About 29% of the nonslurried petromat sections exhibited reflective longitudinal and transverse
cracking within the 1 to 3 year timeframe.
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bituminous mixtures for concrete overlays
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ABSTRACT: Due to the majority of the PCC pavements in New Jersey being in average to poor
condition, many HMA overlays are exposed to extreme movements (both vertical and horizontal).
The combination of traffic- and environmentally-induced movements creates complex stresses and
strains in the vicinity of expansion joints and cracks in the PCC reducing the life of the HMA
overlay in the form of reflective cracking. To aid in mitigating the on-set of reflective cracking,
a research effort was initiated to develop a methodology to select bituminous overlay materials
that can withstand the excessive movements in composite pavement structures. The proposed
performance-based method, consisting of field evaluations using the Falling Weight Deflectometer
and Weigh-in-Motion Sensors, and laboratory testing using the Flexural Beam Fatigue and Overlay
Tester is illustrated using the recent composite pavement overlay and early cracking failure of a test
section on a state highway in New Jersey.

1 INTRODUCTION

Approximately 45% of the New Jersey Department of Transportation’s (NJDOT) roadways are
composite (hot mix asphalt overlying Portland cement concrete). Hot mix asphalt (HMA) is used
as the overlying material because of its inexpensive nature when compared to most PCC rehabili-
tation/reconstruction alternatives. Unfortunately, the excessive underlying movements at the PCC
joints typically results in premature transverse cracking, in the form of reflective cracking.

In the past, a number of reflective cracking mitigation methods have been attempted in New Jersey
that ranged from paving fabrics/geosynthetics to asphalt interlayer mixes. Early field observations
of the paving fabric/geosynthetic test sections showed initial promise, but transverse cracking soon
developed after the first winter season. Poor performance of paving fabrics in cold season climates
is in agreement with the recommendations of Button and Lytton (2007) who recommend that paving
fabrics/geosynthetics perform better in warm to mild climates in mitigating reflective cracking.

A recent national survey conducted by Bennert and Maher (2007) indicated that many other state
agencies located in the moderate to colder United States climates have also had minimal success
with paving fabrics/geosythetics in mitigating reflective cracking. However, both New Jersey and
many other state agencies surveyed indicated that some success was found in the use of asphalt
interlayer/stress-absorbing interlayers.

This paper summarizes a field and laboratory study on the use of a reflective crack relief
interlayer-type mix to mitigate reflective cracking. The coupling of Falling Weight Deflectometer
and Weigh-in-Motion sensors were used to measure applied loads and predict the associated ver-
tical movements at the concrete slab joints. The Coefficient of Thermal Expansion (CTE) of the
underlying PCC pavement was determined on extracted cores and used to estimate the potential
horizontal movements due to expansion/contraction of the concrete slabs.The measured/calculated
joint deflections were used in laboratory performance tests to evaluate the performance of differ-
ent hot mix asphalt mixtures commonly used in New Jersey for overlaying concrete/composite
pavements.
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2 FIELD EVALUATION

A Field Evaluation program was put together to understand the functional performance of the
underlying PCC pavement, especially at the PCC joint area. Traffic data is also essential so a
proper understanding of the pavement loading conditions is known. Ignoring any of these most
often results in early pavement failure.

2.1 General test site information

The test site for the study was New Jersey State Route 34 Northbound, between mileposts 0.3
and 7.6. Route 34 is a two-lane composite pavement, originally consisting of 228.6 mm of PCC
overlaid with 63.5 to 150 mm of hot mix asphalt. The concrete pavement was constructed in 12.2 m
slabs with 19 mm expansion joints and 31.75 mm diameter stainless steel dowel bars. The original
bituminous overlay consisted of a 9.5 mm nominal aggregate gradation with anAC20 asphalt binder.
The predominant pavement distress, as determined with a Visual Distress Survey, was reflective
cracking (transverse), with minimal longitudinal cracking and rutting.

Under a maintenace resurfacing program, a reflective crack relief interlayer (RCRI) mix was
specified to aid in mitigating the on-set of reflective cracking. The final pavement design consisted
of milling to a constant depth of 76.2mm and then 114.3 mm of the bituminous overlay. Table 1
shows the different pavement sections, as designated based on milepost, and the final pavement
design.

Both the 9.5 mm (9H76) and 12.5 mm (12M76) Superpave mixes contained a PG76-22 asphalt
binder. The 12.5 mm Superpave mixture was designed using an Ndesign level of 75 gyrations, while
the 9.5 mm Superpave mixture was designed using an Ndesign level of 100 gyrations. The RCRI
mixture contained a highly polymerized asphalt binder specially designed for mitigating reflective
cracking. The 9.5 mm and 12.5 mm Superpave mixtures are the most common asphalt overlay mixes
used in New Jersey for composite pavement maintenance. The composite pavement is supported
by an uncrushed gravel base layer, which rests on a silty sand subgrade soil.

2.2 Traffic loading

Portable Weigh-in-Motion Sensors (WIM) and Automatic Vehicle Classifiers (AVC) were used to
measure the traffic stream and determine an Axle Load Spectra. The traffic data was collected over
a seven-day period and averaged to provide weekly traffic loading conditions. A summary of the
collected traffic is below:

• Average Daily Traffic (ADT) = 8,840 vehicles;
• 91.6% automobiles; 2.7% light trucks (FHWA Class 4 and 5); 5.7% Heavy Trucks (FHWA Class

6 and Greater);
• Automobile Axle Loads: Average = 16.9 kN;
• FHWA Class 4 and 5: Average = 59.2 kN; and
• FHWA Class 6 and Greater: Average = 57.8 kN.

Table 1. Final pavement thickness and mix selection.

Section Surface course Intermediate course RCRI

MP 0.2 to 2.5 38.1 mm of NJDOT 9H76 50 mm of NJDOT 12M76 25 mm
MP 2.5 to 4.5 38.1 mm of NJDOT 9H76 76.2 mm of NJDOT 12M76 –
MP 4.5 to 7.2 38.1 mm of NJDOT 9H76 50 mm of NJDOT 12M76 25 mm
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2.3 Field forensic testing

To establish laboratory test parameters that model expected field conditions, along with the collected
traffic information, two essential field forensic tests were required; Falling Weight Deflectometer
(FWD) and extracting cores of the PCC pavement.

2.3.1 Falling Weight Deflectometer testing
Falling Weight Deflectometer (FWD) testing was conducted before and after the transverse joint at
three, increasing load magnitudes; 28.91, 44.48, and 71.17 kN. The FWD testing was used to assess
the Load Transfer Efficiency (LTE) and the vertical deflections at the joint due to the applied loads.
Vertical deflections at the joint were normalized to 40 kN for comparison purposes. The average
results of the FWD testing for the different pavement sections are shown in Table 2.

The vertical deflection at the joint, measured immediately under the load plate, and the applied
load were plotted against each other to generate a linear relationship between applied load and
vertical deflection at the joint. Therefore, if applied load (or axle load) is known, then the resultant
vertical joint deflection can be determined. This is schematically shown in Figure 1.

The applied load/vertical deflection relationship was developed and averaged using the FWD
measurements taken within each test section. The resultant relationships are shown as Equations 1
through 3.

Table 2. Average Falling Weight Deflectometer results.

Section Load Transfer Efficiency (LTE) Normalized Vertical Deflection

MP 0.2 to 2.5 71% 0.137 mm
MP 2.5 to 4.5 73% 0.163 mm
MP 4.5 to 7.2 85% 0.153 mm
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where, Joint Deflection is in millimeters (mm); and Axle Load is in Newtons (N).
Now that a relationship between applied load and joint deflection is established, the Axle Load

Spectra can be directly inputted into any of the relationships shown above to establish a daily
vertical Deflection Spectra of the PCC joints. Figure 2 is an example of the daily Deflection
Spectra determined for MP 0.2 to 2.5. More detail on the use of the Deflection Spectra and how it
can be applied to laboratory testing is discussed later in the paper.

2.3.2 Coring/concrete test results
Immediately after the FWD testing, full-depth pavement cores were taken for laboratory analysis.
Of particular interest was the Coefficient of Thermal Expansion (CTE) of the underlying PCC
pavement. The CTE is a parameter that, along with effective slab length (Leff ), maximum 24 hour
temperature difference (�T), and the PCC/Base friction factor (β), can provide an estimate of the
expected horizontal movement at the PCC slab joint (�L) due to daily temperature changes, as
shown in Equation 4.

Six cores were tested according to AASHTO TP60, “Standard Test Method for Coefficient
of Thermal Expansion of Hydraulic Cement Concrete” and determined to have a CTE of
12.34E − 6 cm/cm/◦C, with a standard deviation of 0.28E − 6 cm/cm/◦C. The Enhanced Integrated
Climatic Model, EICM (Larson and Dempsey, 2006) was used to estimate temperature profiles in
the pavement since temperature probes were not installed at the site. Interpolated weather data from
neighboring weather stations were used to generate 5 years (1998 and 2003) worth of historical cli-
mate information for the test site. The maximum 24-hour temperature difference determined at the
surface of the PCC pavement for a 114.5 mm asphalt overlay was 6◦C. The maximum 24-hour tem-
perature difference was used for evaluation since this would create the greatest joint movement that
would initiate cracking. A PCC/Base Friction Factor (β) was estimated from similar pavement mate-
rials/structures presented in the Long Term Pavement Project (LTPP) concrete pavement test sites
(Khazanovich and Gotliff, 2002). This resulted in an average β assumed for the analysis was 0.73.
Therefore, using Equation (1) and the appropriate input parameters, it was concluded that the maxi-
mum horizontal movement at the PCC joints that would be expected in a 24-hour period is 0.67 mm.

836



10

100

1,000

10,000

100,000

1.0E-06 1.0E-04 1.0E-02 1.0E+00 1.0E+02 1.0E+04 1.0E+06

Loading Frequenc y (Hz)

D
yn

am
ic

M
od

u
lu

s
(E

*)
,M

P
a

9H76

12M76

RCRI

Figure 3. Master stiffness curve generated from loose mix.

3 LABORATORY EVALUATION

Typically, the vertical and horizontal deflections at the PCC joints initiate and perpetuate reflective
cracking. The vertical deflection is a function of the daily traffic loading, while the horizontal deflec-
tion is a function of climatic loading (heating and cooling cycles). To simulate these movements in
the laboratory, two different fatigue-type performance tests were conducted on loose mix sampled
during the bituminous overlay construction; 1) Flexural Beam Fatigue test (AASHTO T321), and
2) TTI Overlay Tester (TxDOT Tex-248-F). Dynamic modulus testing, using an abbreviated version
of AASHTO TP62, was also conducted on the different mixes to compare their stiffness properties
and utilized the generated master stiffness curves to adjust for seasonal stiffness changes in the
vertical deflection analysis.

3.1 Mixture stiffness – AASHTO TP62

Dynamic modulus and phase angle data were measured and collected in uniaxial compression
following the method outlined in AASHTO TP62, Standard Test Method for Determining Dynamic
Modulus of Hot-Mix Asphalt Concrete Mixtures. The data was collected at three temperatures; 4,
20, and 45◦C (except for the RCRI which used 35◦C), using loading frequencies of 25, 10, 5,
1, 0.5, 0.1, and 0.01 Hz. Samples were tested in triplicate after short-term oven aging following
the procedures outlined in AASHTO R30, Mixture Conditioning of Hot-Mix Asphalt (HMA). The
reference temperature used for the generation of the master curves and the shift factors was 20◦C.
The resultant Master Stiffness curves are shown in Figure 3.

Review of the master stiffness curves clearly shows the difference in mixture stiffness, espe-
cially at the intermediate to lower test temperatures (mid to high loading frequency) between the
Superpave dense-graded mixes (9H76 and 12M76) and the RCRI mix. Bituminous mixtures that
are capable of obtaining lower stiffness properties at intermediate to low temperatures tend to be
more resistant to cracking.

3.2 Flexural beam fatigue test – AASHTO T321

Flexural fatigue testing was conducted using the Flexural Beam Fatigue test procedure outlined in
AASHTO T321, Determining the Fatigue Life of Compacted Hot-Mix Asphalt (HMA) Subjected to
Repeated Flexural Bending). The applied tensile strain levels used for the fatigue evaluation were;
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Figure 4. Fatigue life vs tensile strain.

300, 500, 700, and 900 micro-strains for the 9.5 and 12.5 mm Superpave mixtures and 900, 1500,
and 2000 microstrains for the RCRI mixture. Samples were tested after short-term aging following
the procedures outlined in AASHTO R30, Mixture Conditioning of Hot-Mix Asphalt (HMA).

The test conditions utilized were those recommended by AASHTO T321 and were as follows:

• Test temperature = 15◦C;
• Sinusoidal waveform;
• Strain-controlled mode of loading; and
• Loading frequency = 10 Hz;

Figure 4 illustrates the superior flexural fatigue resistance expected in the RCRI mixture over
the Superpave dense-grade mixtures. The fatigue life regression equations shown in Figure 4 can
now be used in conjunction with the master stiffness curves and the daily Deflection Spectra to
predict the flexural fatigue life of the asphalt mixtures for the New Jersey test site.

3.3 TTI Overlay Tester (TxDOT Tex-248-F)

TheTTI OverlayTester (Fig. 5) is a test device that is has been gaining popularity (Zhou and Scullion,
2005) to evaluate the reflective crack resistance of bituminous mixtures. Originally developed by
the Texas Transportation Institute, TTI (Germann and Lytton, 1979), the test device simulates
the expansion and contraction movements at the PCC joint area. Although this test procedure is
essentially a fatigue-type test, it currently represents the best method to truly simulate horizontal
joint movements of PCC pavements.

The test was conducted using protocol established at TTI (Zhou and Scullion, 2005), although
a test temperature of 15◦C was used instead of 25◦C. The horizontal deflection of 0.67 mm, deter-
mined from the Coefficient of Thermal Expansion testing on the PCC cores and the resulting joint
deflection calculated using Equation 4, was used for the testing. The test results from the Overlay
tester were:

• 12.5 mm Superpave Mixture: 22 Cycles
• 9.5 mm Superpave Mixture: 24 Cycles
• RCRI Mixture: 46,502 Cycles
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Figure 5. TTI overlay tester and mounted test specimen.

It should be noted that the final test results of the RCRI mixture were extrapolated after testing
was stopped at 3,000 cycles. The TTI Overlay Tester results again illustrate the superior fatigue
resistance of the RCRI mixtures. Unfortunately, the Overlay Tester results for the two Superpave
mixtures have been found to be typically for most dense-graded mixes specified by the New Jersey
Department of Transportation (NJDOT). To put the Overlay Tester test results in perspective, albeit
empirical, it would only take approximately 22 to 24 days of similar climatic conditions used in
the Overlay Tester to initiate cracking at the bottom of the dense-graded bituminous layer.

4 DEFLECTION SPECTRA APPROACH FOR VERTICAL DEFLECTION
FATIGUE ANALYSIS

The reflective cracking fatigue life evaluation using the Deflection Spectra is based on the cumu-
lative fatigue damage concept originally developed by Miner (Yang, 1993), shown as Equation 5.
Fatigue damage, D, is calculated as the ratio of the predicted number of traffic repetitions, ni, to
the allowable number of load repetitions, Ni.

The reflective cracking fatigue analysis using the Deflection Spectra is based on the cumulative
damage concept originally developed by Miner (Yang, 1993), shown as Equation 5. The fatigue
damage is calculated as the ratio of the predicted number of traffic repetitions to the allowable
number of load repetitions. This is also the current fatigue cracking analysis format used in the
Mechanistic Empirical Pavement Design Guide (ARA, 2004).

where: D = damage; T = total number of periods; ni = actual traffic for period i; and
Ni = allowable failure repetitions under conditions prevailing in period i.

The Deflection Spectra approach relies on the following pieces of information:

1. Measurement of axle load spectra from WIM and AVC sensors.
2. Relationship between applied load and joint deflection.
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3. Fatigue life relationship of bituminous mixtures using the Flexural Beam Fatigue test.
4. Conversion of joint deflections to applied tensile micro-strain for the Flexural Beam Fatigue test.

Both 1), 2) and 3) were described earlier in the paper. The conversion of PCC vertical joint
deflections to applied tensile micro-strain in the Flexural Fatigue Beam apparatus is accomplished
by using the general equation of the test apparatus itself (Eq. 6). Equation 6 relates the test apparatus
gauge length dimensions and vertical deflection of the test specimen itself to tensile micro-strain
based on simple beam theory. By doing so, the vertical Deflection Spectra can be converted
into micro-strain, which in turn can be inputted into the mixture specific, bituminous fatigue life
equations shown in Figure 3 to determine the number of fatigue life repetitions until fatigue failure
(Ni). The master stiffness curves (Fig. 2) of the bituminous mixtures are used to vary the mixtures
modulus, E, due monthly temperature changes. The daily axle count is then used to determine
ni for that respective applied axle load. This allows for the determination of the Damage Ratio
(ni/Ni).

where: εt = applied tensile strain during Flexural Beam Fatigue test; δ = peak deflection of beam
(or joint deflection); h = average height of Flexural Beam Fatigue specimen;
GO = outer gauge length of Flexural Beam Fatigue test; and Gi = inner gauge length of
Flexural Beam Fatigue test

5 FIELD FATIGUE CRACKING MEASUREMENTS VS DEFLECTION
SPECTRA APPROACH

The Deflection Spectra approach fatigue cracking predictions was compared to observed reflective
cracking. Figure 6 shows the fatigue comparisons of the different asphalt mixtures. The Deflection
Spectra approach predicted that the 12.5 mm Superpave mixture would begin to develop fatigue
cracking three month after construction, while the 9.5 mm Superpave mix would develop fatigue
cracking between five and six months after construction.

840



Figure 7. Premature reflective cracking between MP 0.2 and 2.5.

A visual distress survey was conducted five months after construction had been completed when
premature cracking was observed during a routine drive-by. The one year crack count showed that:

• MP 0.2 to 2.5: 7.0% of transverse joint length had reflected through;
• MP 2.5 to 4.5: 3.6% of transverse joint length had reflected through; and
• MP 4.5 to 7.2: 0.33% of transverse joint length had reflected through.

Cores were taken through the cracks of the various test sections to assess the extent of the
transverse crack. The higher amount of cracking between MP 0.2 to 2.5, an area with the RCRI
material, was found to have several construction related issues that led to its premature failure.
The three most severe being; 1) Insufficient thickness of the RCRI layer (typically <15.8 mm), 2)
Higher than specified air voids in the RCRI mixture, and 3) Poor bonding between the surface and
intermediate layers (Fig. 7). Therefore, the test section between MP 0.2 to 2.5 was considered to
be an outlier in the comparison and not a true representative.

The Deflection Spectra approach was in relative agreement with the field observations of reflec-
tive cracking, although some cracks were observed in the RCRI section (Test Section #3), even
though the joint conditions were better than the other two test sections. It is believed that this is
due to an incompatibility between the flexural stiffness of the RCRI mixture and the dense-graded
bituminous mixtures that overlaid it. Even though the RCRI was able to absorb a majority of the
applied stress/strain occurring, the magnitude of tensile straining at the top of the RCRI layer was
still enough to initiate cracking in the dense-graded mixtures.

6 SUMMARY AND CONCLUSIONS

A practical approach to HMA overlay material selection and performance evaluation has been
presented. The combination of axle spectra and FWD test results to assess vertical joint deflection
due to realistic traffic load spectra and the CTE test to determine the climatically induced horizontal
deflections can provide pavement designers valuable information regarding bituminous mixture
selection.

A new reflective crack fatigue life prediction method is proposed using joint deflection data from
FWD testing, axle load spectra data, and laboratory test results from the Flexural Beam Fatigue
and Dynamic Modulus test. The new method, called the Deflection Spectra Approach, predicted
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fatigue lives for the various asphalt mixtures that were consistent with field observations. The
method has the advantage over typical fatigue evaluation methods since tensile strains are being
directly measured, instead of predicted based on elastic theory. The required information (axle
load spectra, FWD testing, dynamic modulus, etc.) are also consistent with typical information
collected for use with the Mechanistic-Empirical Pavement Design Guide Software. However, it
should be noted that reflective cracking is a distress due to the coupled nature of vertical and
horizontal deflections. Future analysis will concentrate on combining the affects of the vertical and
horizontal fatigue distress.

More emphasis should also be placed on the asphalt mixtures that are used as overlays for
RCRI mixtures. The Superpave dense-graded mixtures used to overlay the RCRI in the New Jersey
Test Section had significantly higher stiffness’ and poorer fatigue resistance, essentially creating
an incompatible system (i.e. – stiff over flexible). Research has begun to initiate a “Transitional
Stiffness” type of design so incompatibility between bituminous mixtures does not occur.
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ABSTRACT: This paper documents a forensic investigation into the cause(s) of premature
surface-initiated cracks on thoroughfare pavements in overland Park, Kansas. Two issues were
identified as the primary causes in the surface-initiated cracks: low in-place density and absorptive
aggregates. Based upon the data and observations, it was recommended to increase the amount of
oven aging prior to laboratory compaction of HMA. This recommendation was made to take into
account the amount of asphalt absorbed by the aggregates. This paper also presents observations
by the City of Overland Park after his recommendation was adopted. It is intended as a practical
paper that highlights some causes of surface initiated cracks.

1 INTRODUCTION

The City of Overland Park, Kansas embarked on an initiative to improve the durability of its
asphaltic concrete pavements in the late 1990s. Problems that were common with the older Marshall
designed mixes included stripping, rutting and wide transverse cracks. The initial changes utilized
the principles outlined in the Asphalt Institute’s MS-2 (1997) which placed more emphasis on the
volumetric properties of the hot mix asphalt (HMA). After several years of experience with HMA
designed around volumetric properties, the City changed the specification to require the use of a
Superpave gyratory compactor and mix design system. A design objective that is still important to
the City is being able to use locally available materials. Unfortunately, local limestone aggregate
tend to be more absorptive than is desirable. The locally available limestone aggregates are typically
too soft to use design gyrations of 75 or more, but given the relatively low truck volumes on most
streets will perform adequately in an otherwise well designed mix.

During 2004 and into 2005, the City became concerned with projects that exhibited widespread
longitudinal cracking. The Public Works department felt that a thorough forensic analysis was
necessary to establish the cause of the problem and to determine how the problem could be resolved.

1.1 Objectives

The primary objective of this investigation was to evaluate potential causes of premature longitu-
dinal cracking experienced on the City of Overland Park’s thoroughfares. Based upon the results
of the investigation, recommendations were to be provided to minimize the occurrence of these
cracks.

843



Figure 1. Cracking on Quivira Road.

2 SITE CONDITIONS

A site visit was conducted in April of 2005 in order to evaluate the condition of the roadways.
During the site visit, the Overland Park Public Works Department led a guided tour of the City to
evaluate various thoroughfare pavements that had experienced premature cracking. The following
paragraphs present information on each of these pavements along with observations.

2.1 Quivira Road from 135th street to 143rd Street

Quivira Road, a four-lane divided thoroughfare, is a North-South connector located within the
western part of Overland Park. The portion of the pavement in question was constructed during
1999 and 2000 (five years old). HMA used within the pavement structure was designed using 75
blows of the Marshall hammer. Cores obtained from Quivira Road indicated that the total pavement
thickness was approximately 248 mm (10 in.).

At the time of the site visit, Quivira Road had experienced a moderate amount of longitudinal
cracking and raveling. There was also loss of fines within the pavement surface. Cracks were
occurring both within the wheel path and at the edge of the wheel path. Raveling was generally
limited to areas near the cracks. Figure 1 illustrates the level of cracking and raveling within Quivira
Road. Cores taken within Quivira Road indicated that the cracks were surface initiated and had
progressed downward into the pavement structure.

2.2 127th Street from Quivira Road to Switzer Road

127th Street, a four-lane divided city street, is an East-West thoroughfare.. The portion of pavement
evaluated during the site visit was constructed during 2000 and 2001 (four years old). Accord-
ing to the project specifications, the HMA mixture was designed in accordance with Marshall
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methods using 75 blows per face. Cores taken from the roadway indicated that the pavement was
approximately 241 mm (9.5 in.) in thickness.

At the time of the site visit, 127th Street had experienced a moderate amount of longitudinal
cracking and raveling along with the loss of surface fines. The surface initiated cracks were located
both within and outside the wheel path. Some of the cracks appeared to have asphalt binder that
had migrated to the surface due to stripping of the asphalt binder from aggregates in underlying
layers.

2.3 151st Street from Metcalf Avenue to Nall Avenue

151st Street, a four-lane divided city street, is an East-West thoroughfare in southern Overland Park.
HMA used to construct the pavement structure was designed in accordance with Marshall methods
using 75 blows per face. Construction of the pavement occurred during 2000 and 2001 (four
years old). Cores taken from 151st Street indicated that the pavement structure was approximately
232 mm (9.1 in.) in thickness.

At the time of the site visit, 151st Street had experienced some longitudinal cracking, raveling
and loss of surface fines. Longitudinal cracks were surface initiated with raveling occurring near
the cracks. The longitudinal cracks were predominately between the wheel path and did not appear
to be load associated.

2.4 127th Street from Pflumm Road to Quivira Road

The fourth project included in the site visit was 127th Street from Pflumm Road to Quivira Road,
also a four-lane divided thoroughfare, traveling East-West. The portion of 127th Street evaluated
was constructed in 2001 and 2002 (three years old). HMA mixtures used within the pavement
structure were designed using 75 blows per face of the Marshall hammer. Cores taken from 127th
Street indicated that the HMA portion of the pavement structure totaled approximately 267 mm
(10.5 in.).

Similar to the previously discussed pavements, 127th Street from Pflumm to Quivira had expe-
rienced longitudinal cracking, raveling and loss of surface fines. Figure 2 illustrates the typical
condition of the pavement at the time of the site visit. As shown in Figure 2, the longitudinal cracks
were typically located within the wheel path; however, a core and evaluation of the pavement sur-
face indicated that the cracks were surface initiated and traveled down into the pavement structure.

2.5 Santa Fe

Santa Fe is also a four-lane divided thoroughfare. The project included within the guided tour was
constructed in 2004 (one year old). Specifications used for this construction project indicated that
the Superpave mix design method was used to design all layers of HMA used in the pavement
structure. Cores taken from Santa Fe show an approximate asphalt pavement thickness of 283 mm
(11.1 in.) placed in four layers.

At the time of the site visit, only very minor surface distresses were observed. The pavement
was experiencing some longitudinal cracking and loss of surface fines; however, raveling was not
evident. Cracks within Santa Fe were hairline cracks and located at the edge of the wheel path.
No cores were obtained within the hairline cracks, but it is assumed that the cracks were surface
initiated.

3 POTENTIAL CAUSES OF CRACKING

Based upon the above discussion on observations during the site visit, the premature cracks observed
within flexible pavements are primarily surface initiated cracks located both within and outside
the wheel path. The depth at which the surface initiated cracks had propagated into the pavement
structure varied depending upon the age of the pavement. Raveling was also observed on most of
the pavements near the surface initiated cracks. All of the pavements also had loss of surface fines.
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Figure 2. Cracking encountered on 127th Street.

The above described distresses indicate that the problems encountered are due to poor HMA
durability. According to Gerritsen et al. (1987), the probable causes of surface initiated cracks are
poor compaction, stiffening of the asphalt binder and/or low asphalt binder contents. Based upon
the data accumulated for the five projects included in the guided tour, the pavements evaluated
all had in-place air void contents above what would be desired. In-place air voids for nineteen
cores from the five projects indicated that approximately 40 percent of these cores had in-place
air void contents of 8 percent or less. Therefore, 60 percent of the cores had lower density than
the Overland Park specifications of 92 percent of theoretical maximum (Rice) specific gravity.
Even more troubling than 60 percent of the density measurements not meeting in-place density
requirements is that these pavements ranged in age from 1 to 5 years. HMA pavements should
densify under traffic resulting in lower in-place air voids after traffic has been applied.

3.1 Evaluation of specifications

The durability problems and lack of densification in the HMA pavements are likely related. Both
appear to be caused by an insufficient volume of effective asphalt binder. The only systematic
method of controlling the amount of effective asphalt binder (or at least the target binder volume)
is during mix design. Therefore, the current version of the S-1, Overland Park Superpave Asphaltic
Concrete Surface and Intermediate Course, specification was critiqued.

One method of critiquing a mix design specification is to evaluate HMA that has been produced
using the specification. During the site visit, Overland Park supplied a significant amount of
laboratory data for HMA produced for Overland Park construction projects.

Figure 3 illustrates data from a single contractor. On this figure are two different aggregate
specific gravity values for mixtures produced during 2005. Aggregate specific gravities shown on
Figure 3 include effective specific gravity and combined aggregate bulk specific gravity for each
HMA sample tested from April 15, to May 23, of 2005. Data on Figure 3 are also divided into three
subsets, signified by the vertical lines. All of the HMA samples represented on Figure 3 included
the same fine aggregate sources, stockpiles and percentages. The purpose of dividing the samples
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Figure 3. Bulk specific gravity and effective specific gravity data.

into three subsets is that three different coarse aggregate sources/proportions were utilized within
each subset. Coarse aggregate for the first subset of data included two stockpiles: ½” Argentine
and ½” Springhill. Both of these stockpiles were included at 20 percent of the total blend. Coarse
aggregate for the second subset of data consisted of ½” Argentine, added at 40 percent of the
total blend. The final subset of data had the coarse aggregate fraction provided by a ½” Springhill
stockpile, at 40 percent of the total aggregate.

Two observations are noted from Figure 3. First is the variability in the effective specific gravity
data within each data subset. As an example, observe the middle subset of data representing
the HMA samples produced with 40 percent ½” Argentine coarse aggregates. All samples were
supposedly allowed to cure (age) for 2 hours after production and prior to testing, except for the
last data point which was aged for 5 hours. Neglecting the lone data point aged for 5 hours, the
average effective specific gravity value is 2.648. The effective specific gravity ranged from a high
of 2.674 to a low of 2.634 resulting in a range of 0.040. During normal HMA production, the
effective specific gravity of aggregates should not vary significantly as long as materials do not
change and samples are subjected to the same amount of aging prior to testing. A typical tolerance
on effective specific gravity is ±0.012, or a range of 0.024. Comparing the typical allowable range
of 0.024 to the 0.040 illustrates the amount of variability in the effective specific gravity data. If all
of the samples were aged for two hours, as stated on the lab data sheets, then the materials, namely
aggregates, must be changing in order to produce this amount of variability.

The second observation deals with the effect of curing time on the HMA sample test results. This
effect is clearly seen when looking at the effective specific gravity data within the third subset of
data (40 percent ½” Springhill). The six data points reflected in the third subset of data represent
three HMA samples that were split with one sample aged for approximately two hours and one split
aged for approximately four hours. In each instance, the effective specific gravity increased after
four hours of aging when compared to the samples aged for two hours. The only explanation for the
consistent increase in effective specific gravity after four hours of aging is that the extra two hours
allowed for more asphalt binder to be absorbed by the aggregates. More asphalt binder absorbed
into the aggregate results in an increase in aggregate effective specific gravity. Properties for these
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Table 1. Properties of HMA split samples from third subset of data

Sample 1 Sample 2 Sample 3

Property 2 hr. 4 hr. 2.5 hr. 4 hr. 2 hr. 4 hr.

Asphalt Content, % 5.04 5.08 4.94 4.80 5.30 5.47
Rice Specific Gravity 2.451 2.458 2.448 2.461 2.434 2.440
Effective Specific Gravity 2.642 2.652 2.634 2.643 2.632 2.646
Air Voids, % 4.81 5.21 4.62 5.93 4.56 4.51
VMA, % 13.2 13.3 12.8 13.4 13.6 13.5
Eff. Asphalt Content, % (Mass) 3.73 3.63 3.63 3.35 4.03 3.99
Abs. Asphalt Content, % (Mass) 1.38 1.53 1.37 1.52 1.35 1.57
Eff. Asphalt Content, % (Volume) 8.37 8.13 8.17 7.47 9.00 8.95
Dust to Asphalt Ratio 1.34 1.35 1.40 1.52 1.39 1.20
Film Thickness, microns 7.49 7.03 6.84 6.17 7.30 7.60

samples are presented in Table 1. Of particular interest in Table 1 are the absorbed asphalt contents
(by mass). For each of the three split samples, samples aged for four hours had approximately 0.2
percent more absorbed asphalt binder. This level of asphalt binder absorption increase, or more, is
also likely occurring in the field, which indicates that the current two hour aging process included
in the Overland Park specifications should be changed to four hours. Without aging the mixture
in the lab to simulate the aging that occurs in the field, a HMA that has an insufficient volume of
effective asphalt binder can result. Also of concern in Table 1 are the relatively low values for film
thickness. Most literature recommends a minimum film thickness of 8 microns in order to provide
a durable mixture. Film thicknesses shown in Table 1 all fall well below 8 microns.

3.2 Effective Asphalt Binder

Figure 3 and Table 1 suggest that the aggregates currently used with HMA produced for Overland
Park absorb a significant amount of asphalt binder. Asphalt binder absorbed by aggregates does
not provide benefit to an HMA pavement layer with respect to durability. Because of the relatively
large amount of asphalt absorption, more than 2 hours is needed during both mix design and
field production testing to result in mixture properties more closely resembling the pavement layer
properties after construction is completed. Laboratory aging of HMA during mix design and field
QC/QA testing should be increased from two hours to four hours. Based upon the data presented
in Table 1, this should increase the amount of asphalt binder by an average of at least 0.2 percent.
An average increase in asphalt binder of 0.2 for all HMA produced for Overland Park should
significantly improve the durability of the City’s flexible pavements.

Another method of evaluating whether the desired amount of asphalt binder is within a HMA
mixture for durability is to determine the volume of effective asphalt binder. The percent volume of
effective asphalt binder is the mathematical difference between the voids in mineral aggregates and
air voids. Figure 4 illustrates a histogram of the percent volume of effective asphalt binder for data
from 2005 production. The target percent volume of effective asphalt binder for this data should
be 9.0 percent based upon the mix design criteria. This target was selected because all of the mixes
included within Figure 4 were intermediate courses; therefore, subtracting a target air void content
of 4.0 from the minimum VMA of 13.0 produces a percent effective volume of asphalt binder of
9.0 percent.

Figure 4 shows that for the 2005 data, half of the HMA samples did not have a sufficient volume of
effective asphalt binder. As described previously, a significant amount of asphalt binder is absorbed
by the aggregates when comparing mixes aged for two hours and mixes aged for four hours.
Therefore, since the samples illustrated in Figure 4 were aged for only two hours, the percentage
of samples having insufficient asphalt binder is actually higher than depicted on the figure. This
further illustrates that more asphalt binder is needed for HMA produced for Overland Park.
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Figure 4. Effective asphalt volume data for 2005.

3.3 Pavement density specifications

As discussed previously, there was a lack of adequate density within the pavements experiencing
premature cracking. Lack of adequate density results in both water and air being able to penetrate
into the pavement. The presence of water in a pavement leads to an increased potential for moisture
damage while excessive exposure to air increases the potential for oxidation of the asphalt binder.

The current density specifications for Overland Park are outlined in Sections 1.12 through 1.15
of S-1, Overland Park Superpave Asphaltic Concrete Surface and Intermediate Course. These
specifications are somewhat contradictory, especially within Section 1.13. Within this section, the
specification states that the “. . . contractor is responsible . . .” for achieving the specified density
level during construction. However, a significant portion of Section 1.12 and part of Section 1.13
uses language that specifies the type of rollers to be used, how to construct longitudinal and
transverse joints, etc. Based upon conversations with local contractors and City employees, the
current practice is that S-1 is used as a method specification. Method specifications provide details
on the type of equipment and procedures for obtaining a desired quality characteristic. Method
specifications place the onus on the specifying agency because the agency provides the procedures
for obtaining the desired quality characteristic.

Our experiences indicate that for specifying pavement density, an end-result specification con-
taining disincentives is a more effective tool for obtaining adequate density on construction projects.
End-result specifications do not specify equipment or procedures, but rather define a quality char-
acteristic that is required when the contractor concludes a day’s production/construction. In order
to develop an end-result specification, a desirable level of density is needed. For typical HMA
having a dense gradation, an average 93 percent of theoretical maximum density should be the
target density with the average not being lower than 92 percent.

Another concern with the specification for density was the locations that cores are to be obtained.
Section S-1.14, Sampling Pavements for Density, states that “. . . two cores are to be from the lane
being paved and one core centered on the longitudinal joint. . .”. Section S-1.15 further states that
“. . .the average of the three cores. . .” shall be 92 to 96 percent of theoretical maximum density. It
is generally not practical for core density data obtained on longitudinal joints to be averaged with
cores obtained from mainline paving. The impracticality comes from the placement process. HMA
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augered to the end of a screed typically becomes slightly segregated with the gradation of the mixture
at the edge of the pavement coarser than the gradation of the mixture within the mainline. Therefore,
averaging mainline cores and joint cores is in effect averaging dissimilar materials (populations).
If longitudinal joints have posed a problem in the past, a density specification should be developed
specifically for longitudinal joints.

3.4 Summary

The primary objective of this investigation was to evaluate potential causes of premature pavement
cracking that occurred on the streets of Overland Park. Based upon cores taken from pavements
experiencing the premature cracking, the cracks were not structural related cracks, (e.g., bottom-
up fatigue) but rather surface-initiated cracks. The cracks were also longitudinal in nature which
indicates that they were not caused by thermal conditions. Therefore, the surface initiated cracks
are believed to be related to lack of durability within the placed HMA layers.

Based upon the data accumulated, there are two probable causes of the durability problems: lack
of adequate density and low volumes of effective asphalt binder. With respect to adequate density,
the City currently utilizes a cross between an end-result specification and a method specification.
The City required 92 to 96% of theoretical maximum specific gravity for density; however, the City
also specified the type of equipment and how to roll the pavement. Combination specifications such
as this are very difficult to enforce and generally puts the contactor at a disadvantage. A simple end-
result specification that contains a realistic minimum density requirement along with reasonable
disincentives for not meeting the minimum requirement would better serve the City. Rigorous
enforcement is also needed to confirm that the pavement meets requirements.

The most likely cause of the insufficient volume of asphalt binder was the highly absorptive nature
of the aggregates used for HMA produced for Overland Park. For this reason, both mix design and
field produced samples should be aged for four hours prior to testing. Increasing the aging time
to four hours should increase the average asphalt binder content by at least 0.2 percent. For more
problematic aggregates, the average increase in asphalt binder could be as much as 0.5 percent.

Another major concern is the variability of materials that are used to produce HMA for Over-
land Park. The circumstances existing at quarry sites near Overland Park promote the variability
of materials; however, the control of HMA is very difficult due to the variability.

Because of the variability in materials, more frequent mix designs and/or mix design verifica-
tions are likely needed. An effective QC/QA program requires that the contractor have targets for
producing the HMA. Arbitrarily targeting 4 percent air voids does not ensure that rut resistant and
durable HMA is produced. Anytime that a stockpile is changed, the materials should be combined
at the intended proportions and the properties of the mix checked prior to production. This is also
true when proportions of the same stockpiles are significantly adjusted.

A target of 4 ± 1 percent air voids is adequate for HMA produced for Overland Park. For VMA,
an allowable range of −0.5 to 2.0 should be utilized. Also, the effective specific gravity of the
aggregate is a good tool for ensuring that materials are not changing during production. Control
charts should be maintained and analyzed. Control charts for effective specific gravity will likely
be the first indication that materials have changed. The importance of effective specific gravity
is described later in this report. A reasonable tolerance to place on effective specific gravity is
± 0.012.

4 CONCLUSIONS

As stated, the primary objective of this investigation was to determine the causes of premature
cracking within flexible pavements in Overland Park, Kansas. The following are our conclusions
for this project.

• A portion of the flexible pavements located in Overland Park, Kansas are experiencing premature
cracking. The cracks are longitudinal and are occurring both within and outside the wheel path.
These cracks are surface-initiated and are the results of a lack of durability.
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• The lack of durability was caused by insufficient in-place density and insufficient effective
asphalt binder.

• Effective specific gravity is a useful tool to determine when materials vary during the production
of HMA.

5 RECOMMENDATIONS

Based upon the observations, data, and conclusions from this evaluation, the following are
recommended.

• HMA should be aged for 4 hours during both mix design and field testing. During field testing,
the mixture should be held at an elevated temperature for four hours after production.

• Develop and analyze control charts for the effective specific gravity of aggregates. A toler-
ance of ±0.012 should be used for the control charts. If the effective specific gravity exceeds
the tolerance, the aggregate specific gravity properties (namely bulk specific gravity) should
be determined from the cold feed belt materials. If the bulk specific gravity value significantly
differs from the job mix formula, verify that the produced HMA meets all properties of the S-1
specification.

• A recently verified job mix formula should be submitted prior to every construction project
being started. The properties of the HMA should be verified anytime a stockpile is changed or
the proportions of the stockpiles are significantly changed.

• More rigorous enforcement of the density specifications is needed. Longitudinal joint cores
should not be averaged with mainline cores. Disincentives are recommended for density along
with the more rigorous enforcement of the density specifications. The density specification
should be enforced as an end-result specification.

Figure 5. Recent photograph of Overland Park thoroughfare.
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6 UPDATE ON PERFORMANCE

The recommendation to increase the laboratory hold time to 4 hours from 2 hours was adopted
very shortly after the field visit to Overland Park. The City discovered that by increasing the hold
time, the asphalt mixtures tended to have volumetric properties that stayed more consistent from
load to load, the that while the percent binder increased, the increase did not lead to problems in
construction especially where the mix was not held in a silo for long periods of time. A visual
inspection of several paving jobs that are now approaching two years of age shows that the change
in design has appeared to have solved the surface cracking problem, and the surface raveling also
has been eliminated. Figure 5 illustrates a recent picture of the first roadway paved after adopting
this increase aging time (two years old). This figure shows no surface defects or cracking. Overland
Park will continue to monitor this pavement, but our initial impression is that the problem has been
largely solved. The widespread rutting, stripping and transverse cracking problems that we faced
in the 1990’s appear to have been eliminated.

REFERENCES

(Asphalt Institute, 1997) “Mix Design Methods for Asphalt Concrete and Other Hot-Mix Types.” Manual
Series No. 2 (MS-2). The Asphalt Institute. Lexington, Kentucky.

Gerritsen, A.H., van Gurp, C.A.P.M., van der Heide, J.P.J., Molenaar, A.A.A., and Pronk, A.C. (1987).
“Prediction and Prevention of Surface Cracking in Asphaltic Pavements,” Proceedings of 6th International
Conference on the Structural Design of Asphalt Pavements, Ann Arbor, MI.

852



Pavement Cracking – Al-Qadi, Scarpas & Loizos (eds)
© 2008 Taylor & Francis Group, London, ISBN 978-0-415-47575-4

Investigation of transverse cracking of asphalt pavements in the
North-Eastern Poland

M. Pszczoła, J. Judycki, & B. Dołżycki
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ABSTRACT: Transverse cracking is one of the most frequent type of distress on the Polish roads.
The paper presents the results of investigation of transverse cracking on the roads of North – Eastern
Poland. The research was carried out between 1999 and 2005. Based on the field investigations,
the relationships between cracking frequency, represented by cracking index value and the selected
features of asphalt pavements were established. The following features were considered: type of
the base course (unbound aggregate or cement treated), thickness of asphalt pavement, thickness of
asphalt layers, thickness of base course, type of subgrade soil, stiffness of asphalt layers defined by
the resilient modulus, tensile strength of asphalt, pavement age and traffic volume. The relationship
between the severity of transverse cracking and the type of the base course (unbound and cement
treated) was also investigated.

1 INTRODUCTION

There are a number of causes of gradual deterioration of asphalt pavements, related to traffic
and environmental factors. A typical manifestation of this gradual deterioration are transverse
cracks, frequently found on the roads of Poland. It is commonly believed that these are reflective
cracks, propagated from cracked hydraulically-bound base. Actually, the problem is more complex.
According to data from literature and our own observations transverse cracks may also be caused
by low-temperature cracking, as indicated by transverse cracks found on flexible pavements with
asphalt layers underlain with unbound base course material. The objective of the paper is to present
the results of investigation of transverse cracking and the relationships between cracking frequency
and the selected features of asphalt pavements. Examples of typical transverse cracks, noted during
field survey are presented in Figure 1.

2 EXPERIMENTAL PROGRAMME

2.1 Test sections

The survey was carried out on the national roads located in three provinces of north-eastern Poland:
Pomorskie, Warminsko-Mazurskie and Podlaskie. For reliable evaluation of cracking intensity the
sections were identified for detailed survey using random sampling technique. In the first step all
the national roads within the limits of a given province were divided into 50 km segments. Then
two numbers were selected randomly per each segment from the range 0 to 50. Each number cor-
responded to chainages, within which 500 m sections were identified for detailed investigation.
Random function was used in the above described sampling technique. For the remainder seg-
ments (shorter than 50 km) one test section was selected for lengths below 25 km and two sections
for lengths over 25 km. This sampling technique ensured random selection of the test sections
throughout the entire length of all national roads within the limits of a given province.
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Figure 1. Typical transverse cracks noted during field survey, (left-hand side: regular transverse crack,
right-hand side: irregular transverse crack).

The locations of the selected test sections were slightly shifted if they fell within city borders
or in places with limited visibility distance due to horizontal and vertical alignment. The objective
was to ensure safety to the persons carrying out the survey.

2.2 Testing methodology

For all the randomly selected test sections visual assessment was carried out along with
determination of cracking index. The cracking index is defined as follows:

where: CI – cracking index – number of transverse cracks per 100 m length,
S1 – number of transverse cracks per roadway width, per 100 m length,
S1/2 – number of transverse cracks per half of roadway width, per 100 m length,
S1/4 – number of transverse cracks per quarter of roadway width, per 100 m length.

Then the sections were rated according to the obtained value of cracking index into four groups:

• Uncracked – index value below 0.2, this corresponding to less than one transverse crack per
500 m roadway length,

• Slightly cracked – index value between 0.2 and 1.0, this corresponding to not less than one and
not more than five transverse cracks per 500 m roadway length,

• Moderately cracked – index value between 1.01 and 5.0, this corresponding to more than five
transverse cracks and not more than twenty five transverse cracks per 500 m roadway length,

• Heavily cracked – index value over 5.01, this corresponding to more than twenty five transverse
cracks per 500 m roadway length.
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Figure 2. Percentage of sections with different severity of transverse cracking in the respective provinces.

On each test section cores were drilled through the road pavement. They were used for
determining the pavement characteristics, as discussed in detail in section 4.

3 EVALUATION OF TRANSVERSE CRACKS

The survey, including determination of the severity of cracking covered 90 randomly selected test
sections, including:

• 48 sections with flexible base course,
• 35 sections with rigid base course,
• 6 sections were excluded from the survey due to on-going maintenance or reconstruction work.

The survey was carried out in three provinces of northern and north-eastern Poland, where
winters are influenced by various climatic factors:

• Pomorskie – within the range of the Baltic Sea (mild cold climate),
• Warminsko-Mazurskie – combined effect of the Baltic Sea and continental climate (moderate

cold climate),
• Podlaskie – within the range of continental climate (frosty continental climate).

Figure 2 presents the percentage of sections with different severity of cracking in the respective
provinces.

Figure 3 relates the frequency of transverse cracks to the base course design in the respective
provinces. Flexible base course is built of unbound material, such as crushed aggregate, gravel,
etc. On the other hand, rigid base course includes cement-bound materials, such as lean concrete,
cement-treated aggregate and cement stabilized soil.
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Figure 3. Transverse cracking intensity depending on base course design in the respective provinces.

Figure 4 provides an overall view on the severity of transverse cracking in the respective provinces
for flexible and rigid pavements.

Having analysed the above relationships describing the severity of transverse cracking we note
that:

1. Transverse cracking is quite frequent on the analysed national roads. The percentage of sections
affected with transverse cracks (moderately and heavily cracked sections) ranged from 52.4%
in Pomorskie province (mild cold climate), through 70.5% in Warminsko-Mazurskie province
(moderate cold climate), up to the considerable 96.6% in Podlaskie province (frosty continental
climate). Thus, as we move north-east we find more sections affected with transverse cracks,
accompanied with growing severity of cracking within each section. It is related to the effect of
colder continental climate in the north-eastern part of Poland.
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Figure 4. Severity of transverse cracking in the respective provinces for sections with different base course
design: flexible (upper chart) and rigid (lower chart).

2. Transverse cracks occur irrespective of the base course construction: flexible or rigid. However,
as it could have been reasonably expected the severity of cracking is greater on the sections
where road construction incorporates cement-treated base.

3. Moderately cracked sections with 1–5 transverse cracks per 100 m length prevail among all the
analysed sections.

4 INVESTIGATION OF RELATIONSHIPS BETWEEN TRANSVERSE CRACKING
AND THE CHARACTERISTICS OF PAVEMENT

The test results were analysed to find a relationship between the transverse cracking index and
the characteristics of pavement. Both field survey and laboratory testing data were used in the
analysis, accompanied with record data on the age of pavement and volume of traffic. The fol-
lowing pavement characteristics were considered as having a potential effect on emergence of
transverse cracks: thickness of pavement structure, thickness of asphalt courses, thickness of base
course, resilient modulus in indirect tension test, indirect tensile strength, traffic volume and age of
pavement.

Figures 5 through 11 show the relationships between the above mentioned factors and the value
of cracking index.
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Figure 5. Relationship between the thickness of pavement structure and the value of cracking index.
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Figure 6. Relationships between the thickness of asphalt layers and the value of cracking index.
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Figure 7. Relationships between the base course thickness and the value of cracking index.

Thickness of pavement structure – it includes the total thickness of asphalt layers and base
course. It does not include the drainage layer thickness, which has been treated as part of improved
subgrade.

Thickness of asphalt layers – is the total thickness of all bitumen-bound layers in pavement
structure on a given section.

Base course thickness – it was determined both for flexible pavements without cement-treated
bases and rigid with cement-treated bases.

Resilient modulus in indirect tension – the values of resilient modulus were established in labo-
ratory testing of cores sampled from the asphalt surface. The tests were carried out in Nottingham
Asphalt Tester (NAT) in controlled stress conditions at temperature −20◦C.

Indirect tensile strength – determined in laboratory testing of cores sampled from the asphalt
surface. The test was carried out in a press with a constant rate of movement of 50 mm/minute,
at −20◦C.
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Figure 8. Relationships between the resilient modulus at −20◦C and the value of cracking index.

flexible base
course

0
2
4
6
8

10
12
14
16
18

1 1.5 2 2.5 3 3.5 4

Indirect tensile strength [MPa], �20°C

C
ra

ck
in

g 
in

de
x

rigid base
course

0
2
4
6
8

10
12
14
16
18

1 1,5 2 2,5 3 3,5 4 4,5

Indirect tensile strength [MPa], �20°C

C
ra

ck
in

g 
in

de
x

Figure 9. Relationships between the indirect tensile strength at −20◦C and the value of cracking index.
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Figure 10. Relationships between the traffic volume and the value of cracking index.

Traffic volume – the average annual daily traffic in vehicles per day (vpd) from the general
traffic survey carried out in 1995 were used in the analysis.

Age of pavement – has been taken as the number of years from the latest rehabilitation involving
replacement of one or more asphalt courses.

The following conclusions have been drawn from the above relationships:

1. There is a certain relationship between the thickness of pavement structure and the value of
cracking index, namely it slightly decreases with the increase in the thickness of pavement.

2. A similar relationship has been observed between the thickness of asphalt layers and the value
of cracking index, namely it slightly decreases with the increase in thickness of asphalt surface.

3. Also the age of pavement has an effect on the value of cracking index with the value increasing
with age – this has been observed for pavements with rigid base course construction.
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Figure 11. Relationships between the age of pavement and the value of cracking index.

4. No clear relationships have been found between the cracking index and resilient modulus, indirect
tensile strength at −20◦C, base course thickness, both for rigid and flexible pavements and the
volume of traffic.

5 CONCLUSIONS

Below are the conclusions from the field survey and tests, followed by the analysis of relationships
between the severity of transverse and the pavement characteristics:

1. Transverse cracks are frequent on the national roads in the three analysed provinces of the north-
eastern Poland. The share of sections affected with cracking (at least one crack per 500 m of
roadway length) varied between the provinces and ranged from 76.2% in the Pomorskie province
(mild cold climate), through 82.4% in Warminsko-Mazurskie province (moderate cold climate),
up to the considerable 100% in Podlaskie province (frosty continental climate). Thus, the number
of sections affected with transverse cracks and the severity of cracking increases in the north-
eastern direction. It is related to the effect of colder continental climate in the north-eastern part
of Poland.

2. Transverse cracks occur on pavements with rigid (cement-treated) and flexible base courses,
the latter most often built of crushed stone. Accordingly, there are two cracking mechanisms
involved: propagation from rigid base and thermal shrinkage of asphalt layers due to low tem-
peratures. The values of cracking index show that severity of transverse cracking is greater on
pavements with rigid base courses.

3. Upon considering the pavement characteristics we note that the value of cracking index,
representing the number of transverse cracks per 100 m roadway length:
• decreases with the increase of the thickness of pavement structure,
• decreases with the increase of the thickness of asphalt layers,
• increases with the age of pavement,
• shows no clear relationship with the resilient modulus, indirect tensile strength at −20◦C,

base course thickness both for rigid and flexible pavements and also the volume of traffic.

REFERENCES
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ABSTRACT: The use of the Falling Weight Deflectometer (FWD) has become an integral part
of pavement management and rehabilitation. The deflection basins obtained along the length of a
pavement section capture most of the variability in the overall strength of the pavement structure
and thus encompass variation in the material properties and structural aspects. This variability can
contribute to different cracking performance levels within the same pavement section. Therefore,
the deflection variation within a section can be used to ascertain its overall future performance.
Although considerable research have been conducted on relating deflections basin parameters
(DBP) to flexible pavement performance using mechanistic-based analyses, they are limited in
scope because of inadequate field validation and the complex interactions of structural and site
factors. This paper evaluates the apparent relationships between response and performance of
in-service flexible pavements using various DBPs and cracking types: fatigue, longitudinal (wheel-
path and non-wheel-path) and transverse cracking. The data from the SPS-1 experiment of the LTPP
program was used for this purpose where experiment sections were constructed in different site
conditions (subgrade type and climate). It was found that the relationships between DBPs and
cracking types are fairly good within a pavement section or site; however correlations become
weak for network level analysis. The approach described in the paper can lead to some allowable
variation limits for deflections within a pavement section, thus making the procedure very helpful
for field quality control in the context of performance-based specifications.

1 INTRODUCTION

1.1 Background

Pavement performance encompasses growth of several distresses (e.g. cracking and rutting) and
roughness over time. Pavement response to load plays an important role in explaining the distress
mechanism. The primary pavement responses are stress, strain and deformations at a particular
location within a pavement system (see Figure 1a). Because of the difficulty in measuring stresses
and strains in an existing pavement, the primary responses are typically calculated using linear
elastic layered solutions for design purposes. While these analytical procedures are based on several
simplified assumptions, the actual field conditions can pose many other challenges due to intricate
material behavior, load characteristics and other boundary conditions. For pavement evaluation
purposes, the surface deflections are the main pavement response which can be measured in the
field under prevailing conditions. However, surface deflections are not considered as a primary
response causing distresses in a layered pavement system. Surface deflections on a layered system
are a poor substitute for stress and strains. From the analytical view point (Boussinesq’s equations for
stress/strain and deflection) surface deflection alone is poorly correlated to the stresses and strains,
which are considered more fundamental responses to characterize the pavement performance. One
can have multiple pavement thickness combinations with varying layer moduli which may have
similar surface deflections but significantly different stress/strain (Ullidtz 1998).
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Figure 1. Flexible pavement primary response for explaining distress mechanisms and deflection basin under
load.

Due to ease of measuring and efficiency, the use of nondestructive deflection testing has become
an essential part of pavement evaluation, rehabilitation and management process. The falling weigh
deflectometer (FWD) test can effectively simulate the actual wheel loadings on a pavement struc-
ture and can capture the essential pavement structural response in terms of surface deflections. The
curvature of the deflection basin is generally related to pavement structural strength i.e., higher
deflections and steep curvature indicate a weaker pavement while low deflection and low curva-
ture are signs of a stronger pavement structure (see Figure 1b). Typically, for a known pavement
cross-section, the surface deflection obtained from FWD testing have been used to back-calculate
the in-situ material properties (layer moduli) for a layered system. Once the in-situ layer moduli
are estimated, the forward analysis methods are used to calculate the critical responses (stresses
and strains), which explain the mechanism of a particular distress and are used to predict pavement
deterioration by using respective performance models (e.g., fatigue cracking). Hence, the whole
process is complicated and requires technical expertise and sound engineering judgment. On the
other hand, simplified methods of relating surface deflections or deflection-based indices (DBI) to
performance have evolved due to their more practical nature and ease of use. The main assumption in
the development of such tools is that the DBIs are related to the primary pavement responses (stress
and strain) and are therefore indirectly related to pavement performance. This paper explores this
basic assumption by relating several DBIs to pavement cracking by considering the SPS-1 experi-
ment in-service pavements available in the long-term pavement performance (LTPP) database. All
cracking types (fatigue, longitudinal and transverse cracking) were considered.

1.2 Literature review

Previous research at Delft University of Technology (Molenaar 2002) has shown that there exists
a direct relationship between tensile strain at the bottom and the top of the asphalt layer and the
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surface curvature index (SCI) as shown by Equations 1 and 2, respectively. The relationships shown
are applicable to flexible pavements having asphalt thickness greater than 150 mm.

where d0 = deflection at the center of the loading plate; d300 = deflection 300 mm from the center
of the loading plate.

Based on theoretically developed synthetic database, Kim et al. (Kim and Ranjithan 2000)
concluded that tensile strain at the bottom of an asphalt layer is very strongly correlated to asphalt
layer thickness and base damage index (BDI). This relationship for pavements with aggregate base
has the following form:

where d300 = deflection 300 mm from the center of the loading plate; d600 = deflection 600 mm
from the center of the loading plate; Hac = thickness of the AC layer in mm.

The same researchers have identified methods for assessing pavement layer condition based on
deflection measurements and have correlated surface deflection to layer condition and distress (Kim
and Ranjithan 2000). The approach utilized in this study was to generate a synthetic database of
primary responses for a variety of pavement sections by using a nonlinear, dynamic finite element
program. The synthetic database was analyzed to identify deflection basin parameters that have
significant influence in the prediction of critical pavement responses in flexible pavements (Xu et al.
2002). Similarly, prediction methods were developed for the remaining life of flexible pavements
using FWD multi-load levels deflections (Park and Kim 2003).

Kim and Ranjithan (2000) concluded that for full depth and aggregate base pavements, Eac
1

can be used as an indicator to detect cracking and stripping in the AC layer. BDI2 and εabc
3 were

found to be good condition indicators for base layer condition, while BCI4, εsg
5, SSR6 and Esg

7

appeared to be good condition indicators for the subgrade. For intact pavements, the pavement
overall fatigue cracking and rutting potentials are mainly controlled by εac, εabc and εsg. For full
depth and aggregate base pavements, the analysis from both synthetic data and field data showed
that SCI8 can be used to predict the AC modulus. Also, a high correlation was found between BDI
and εac.

A recent study (Stubstad et al. 2002) on evaluating the feasibility of using FWD deflection data
to characterize the pavement construction quality using the SPS-1 data concluded that “FWD can
be effectively used to assist in the characterization of pavement quality for new or reconstructed
pavements during construction”. Furthermore, “quality” can be directly equated to stiffness or
modulus, and to other deflection-based parameters. It is therefore expected that these parameters
should correlate to the future performance of pavements.

1 AC modulus
2 BDI = D12−D24 (Base Damage Index)
3 Compressive strain at top of base layer
4 BCI = D24−D36 (Base curvature index)
5 Compressive strain at top of subgrade
6 SSR = σd/qu (Stress parameter for rutting potential of subgrade)
7 Resilient modulus for subgrade
8 SCI = D0−D12 (Surface curvature index)
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Equation (6) can be used to calculate the area under the deflection basin using the first four
sensors equally spaced at 300 mm from each other (AASHTO 1993; Stubstad et al. 2002).

where Area = the “Area” within 900 mm of the deflection basin; do = FWD deflection measured
at the center of load plate; d1 = FWD deflection measured at 300 mm from the center of plate;
d2 = FWD deflection measured at 600 mm from the center of plate; d3 = FWD deflection measured
at 900 mm from the center of plate.

A maximum value of 36 is possible for “Area” when all the deflections are the same in Equation
(6). This will represent a very stiff pavement (extreme value). It was found using the forward
analysis (Stubstad et al. 2002) that when all the layers in a flexible pavement were assumed to have
the same modulus, the “Area” term is always equal to 11.037. Therefore, it was concluded that if
FWD deflection measurements carried out in the field result in an “Area” value close to 11.037,
then the effective modulus of the upper layer is identical to that of the underlying layer(s). Hence,
this particular value of “Area” can be used as a cutoff in order to ascertain whether the upper layer
has a higher stiffness than the underlying layer(s).

The surface modulus at the center of the circular plate may be calculated by using Boussinesq’s
solution for semi-infinite half space by using Equation (7).

where Eo = surface modulus; σo = peak stress from FWD impact load under loading plate;
do = peak surface deflection at center of load plate; a = radius of FWD loading plate;
ν = poisson’s ratio of the semi-infinite half space; “2” in above equation is a factor for uniform
stress distribution (Ullidtz 1998).

The problem arising from an unknown stress distribution for Equation (7) may be solved by
measuring the deflections at different distances from the center of the load (Ullidtz 1987). Mea-
suring the deflections at several distances (as is the case with FWD) also serves as a check on
the assumption that the subgrade is a linear elastic semi-infinite space. In that case the moduli
calculated at different distances must be identical, otherwise the subgrade is either non-linear or it
consists of different layers, as shown in Equation (8).

where Ei = surface modulus; di = Surface deflection at distance “i” from center of load plate;
ri = distance from the center of the load where di is measured.

The surface modulus represents a composite or effective modulus of all the layers under the
FWD loading plate. Based on Equations (6) and (7), the following equations were derived by
Stubstad et al. (2002).

where AF = area factor, i.e. the “improvement” in AREA from 11.037 squared; k1 = 11.037 (the
Area when the stiffness of the upper layers is the same as that of the lower layers; k2 = 3.262
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(Maximum possible improvement in Area = 36/11.037). Equation (10) can effectively be used to
approximate the relative stiffness of the upper (bound) layers in the pavement cross section.

where ES = effective stiffness of upper (bound) layers; Eo = as defined by Equation (7); AF = as
defined by Equation (9); k3 = thickness of upper layer/load plate diameter = h1/(2a).

Utilizing similar FWD deflection characteristics and DBIs, a forward-calculation approach was
also developed by Stubstad et al. (2006a; 2006b). The pavement layer moduli are estimated directly
from the load and deflection data using closed-form formulae rather than iterations.

In summary, the DBIs presented above are correlated to primary pavement response at different
locations in a pavement structure. Therefore, it will be useful to explore direct relationships between
DBIs and expected pavement performance in terms of cracking. These apparent relationships were
explored by using the SPS-1 experiment sections from the LTPP database.

2 DEFLECTION AND PERFORMANCE DATA USED FOR ANALYSES

The SPS-1 experiment was designed to study the effects of structural and design features on the
new flexible pavement performance and response. There are twelve pavement sections constructed
at each site with varying structural factors. The experiment design allows the investigation of the
effects of HMA layer thickness (102 vs. 178 mm), base type (dense-graded aggregate base, DGAB
vs. asphalt-treated, ATB, vs. ATB/DGAB), base thickness (203, 305 and 406 mm), and in-pavement
drainage (Yes vs. No) on performance under different site conditions defined by subgrade type [Fine
(F) vs. Coarse (C)] and climate [Wet Freeze (WF) vs. Wet No-Freeze (WNF) vs. Dry Freeze (DF)
vs. Dry No-Freeze (DNF)]. The comprehensive design matrix has 288 factor-level combinations
from six independent factors. However, there are only 192 factor-level combinations available,
making the SPS-1 experiment a fractional factorial design (Haider 2005). The details of the SPS-1
experiment and its status can be found elsewhere (Chatti et al. 2005).

The average age of test sections in the SPS-1 experiment was 7 years with a range of 3 to 11
years. Considering most pavements are designed for a life of 20 years, these pavements are “fairly
young” and high levels of distresses are not expected. Thus, all conclusions from the analyses
presented in this paper should be interpreted as “mid-term” performance findings.

FWD deflections were collected on each pavement twice a year (Schmalzer 2006) while distress
extent and severity were also collected on an annual basis (Miller and Bellinger 2003). The cracking
performance data at the latest age available in the database (Release 17.0) were extracted for each
pavement section while the first deflection measurements (just after opening to traffic), when the
original pavement was intact and new, were considered in this analysis.

3 APPARENT RELATIONSHIP BETWEEN DEFLECTION BASED INDICES AND
CRACKING

In this section, the observations regarding apparent relationships between flexible pavement
response (FWD deflection and DBIs) and observed pavement performance are presented. To pro-
vide a predictive capability of the future level of performance, the initial average deflections or
DBIs of pavements were related to the future cracking performance. Predictive relationships were
established based on bivariate correlation analyses at the site level, and by employing scatter plots
on data from all sections at the network level.
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Figure 2. Relationships between age and different cracking performances.

3.1 Project level predictive relationships

This section summarizes the findings regarding predictive relationships between initial response
(FWD deflection or deflection-based indices) and future pavement performance (fatigue, longitudi-
nal and transverse cracking), at the site level. Various deflection-based indices (Kim and Ranjithan
2000; Stubstad et al. 2002) were calculated based on the individual deflection basins within each
pavement section; these indices include:

• AREA (the area under first three feet of deflection basin),
• SCI – Surface Curvature Index,
• BDI – Base Damage Index,
• d0 (peak deflection under the load),
• d6 (farthest deflection at 1500 mm away from the load),
• ES (effective stiffness of upper (bound) layer), and
• Eg (subgrade modulus calculated by using Equation (8) from surface deflection at 900 mm from

load).

Bivariate correlation analyses between the initial response parameters (deflections or deflection
basin parameters) and the cracking performance were conducted for all the sites within the SPS-1
experiment. The latest performance for each section within the SPS-1 experiment was used in
these analyses. The effect of temperature on the measured deflection was taken into account by
applying a temperature correction (Lukanen et al. 2000). It should be noted that for a given site;
age, traffic, construction, material properties and environment are the same and thus this provides
a good opportunity for seeking apparent relationships.

Figure 2 shows the cracking performance for all pavement sections in the SPS-1 experiment
design as of Release 17.0 of the LTPP database. It can be seen that fatigue and transverse cracking
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Figure 3. Example relationships between DBI and cracking performance for Kansas site (20).

are somewhat age dependent while longitudinal cracking (WP and NWP) are not. Figure 3 shows
examples of bivariate relationships between SCI and AREA and different cracking types. The site
in the state of Kansas (20) was chosen for this example because of high extent of cracking at the
site. It can be seen that for the sections in this site, initial SCI and initial AREA have a slight
association (ρ = 0.4) with future fatigue cracking, such that the higher the SCI or the lower the
AREA, the higher the observed cracking. The probability of longitudinal and transverse cracking
is higher if AREA is more than 20 for the pavements at site in Kansas (20) (see Figures 3c and 3d).

Table 1 presents summaries of correlation coefficients from the bivariate analyses between
cracking and various deflection parameters for all the sites. The results in Table 1 show that fifteen
out of seventeen sites have a consistent trend of relationship between AREA, BDI, do and future
fatigue cracking. Also, fourteen out of seventeen sites have a positive association between SCI and
fatigue cracking. In general, AREA, SCI, BDI and do have reasonable associations with fatigue
cracking for all the sites in SPS-1 experiment. Pavements that have more fatigue cracking had
higher initial SCI or BDI, and lower AREA. Reasonable apparent relationships between AREA
and various cracking performance measures were found within sites that have shown considerable
level of cracking.

Results in Table 2 show poor correlation and no consistent trend for longitudinal or transverse
cracking. This is expected for non-load-related cracking (LC-NWP and TC); for LC-WP, none of
the DBIs showed a good correlation.

3.2 Network level predictive relationships

This section summarizes the findings of apparent relationships between initial response (FWD
deflection or DBIs) and future cracking based on data from all the test sections in the experiment.
Recognizing the difficulties in seeking such associations, the relationships were explored using
bivariate scatter plots between selected response parameters and cracking performance for all the
sections.
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Table 1. Summary of correlations between DBPs and fatigue cracking.

LTPP Site, State Area ES Esg d0 d6 SCI BDI Zone SG

1 Alabama −0.79 −0.64 −0.08 0.72 −0.27 0.75 0.73 WNF F
4 Arizona −0.13 0.06 0.53 −0.10 −0.55 −0.03 −0.03 DNF C
5 Arkansas −0.07 −0.19 −0.54 0.34 0.59 0.17 0.34 WF C

10 Delaware −0.93 −0.65 −0.04 0.72 −0.03 0.93 0.73 WF C
12 Florida −0.40 −0.40 0.14 0.50 −0.12 0.46 0.55 WNF C
19 Iowa −0.45 −0.09 0.05 0.41 0.15 0.55 0.49 WF F
20 Kansas −0.38 −0.25 −0.14 0.33 −0.01 0.41 0.30 WF F
26 Michigan 0.48 0.42 0.21 −0.42 −0.03 −0.46 −0.45 WF F
30 Montana −0.36 −0.58 −0.74 0.53 0.83 0.34 0.42 DF C
31 Nebraska −0.79 −0.64 −0.37 0.90 0.43 0.94 0.91 WF F
32 Nevada −0.49 −0.31 0.10 0.38 −0.17 0.41 0.29 DF C
35 New Mexico 0.19 0.33 −0.14 0.31 −0.01 −0.14 0.60 DNF F
39 Ohio −0.66 −0.44 −0.43 0.58 0.20 0.63 0.63 WF F
40 Oklahoma −0.47 −0.59 −0.16 0.25 −0.05 0.28 0.28 WNF C
48 Texas −0.48 −0.57 −0.49 0.74 0.65 0.78 0.58 WNF C
51 Virginia −0.72 −0.58 −0.32 0.75 0.04 0.79 0.75 WNF F
55 Wisconsin −0.46 −0.37 −0.02 0.38 0.04 0.51 0.22 WF C
(−)ρ 15 14 12 2 9 3 2
(+)ρ 2 3 5 15 8 14 15
Mean −0.41 −0.32 −0.14 0.43 0.10 0.43 0.43
Std 0.36 0.34 0.32 0.33 0.35 0.38 0.33
CoV 0.89 1.03 2.21 0.76 3.55 0.89 0.76

Table 2. Summary of correlations between DBPs and longitudinal and transverse cracking.

Long cracking (WP) Long. cracking (NWP) Trans. cracking
LTPP
Site State Area ES Esg SCI BDI Area ES SCI BDI Area SCI BDI Zone SG

1 Alabama 0.38 0.62 0.40 −0.19 −0.17 −0.09 −0.22 0.09 0.08 −0.55 0.37 0.38 WNF F
4 Arizona −0.22 −0.40 −0.46 0.22 0.22 −0.59 −0.47 0.55 0.54 −0.78 0.95 0.95 DNF C
5 Arkansas −0.10 −0.14 0.37 −0.09 −0.25 0.52 0.50 −0.44 −0.33 0.09 0.02 0.23 WF C

10 Delaware – – – – – 0.29 0.52 −0.21 −0.24 0.00 0.00 0.00 WF C
12 Florida 0.16 −0.06 −0.28 −0.01 0.08 −0.52 −0.47 0.26 0.29 −0.26 0.18 0.18 WNF C
19 Iowa −0.50 −0.13 0.03 0.55 0.49 −0.11 −0.01 −0.05 −0.08 0.24 −0.28 −0.34 WF F
20 Kansas 0.05 −0.08 0.01 −0.14 −0.19 0.22 0.03 −0.17 −0.19 −0.10 0.09 0.23 WF F
26 Michigan – – – – – 0.77 0.82 −0.64 −0.63 0.00 0.00 0.00 WF F
30 Montana −0.18 −0.26 −0.28 0.07 0.13 0.18 0.08 −0.23 −0.22 −0.50 0.46 0.45 DF C
31 Nebraska −0.60 −0.46 −0.16 0.57 0.60 −0.57 −0.48 0.76 0.71 0.00 0.00 0.00 WF F
32 Nevada 0.12 −0.08 0.27 −0.23 −0.11 −0.34 −0.32 0.27 0.25 −0.50 0.62 0.70 DF C
35 New Mexico 0.20 0.45 −0.02 −0.10 0.80 0.42 0.60 −0.38 0.70 0.08 −0.01 0.57 DNF F
39 Ohio −0.53 −0.47 −0.61 0.54 0.60 −0.02 0.12 0.00 −0.05 0.00 0.00 0.00 WF F
40 Oklahoma −0.33 0.08 0.87 −0.20 −0.22 0.29 0.12 −0.47 −0.46 0.28 −0.06 −0.07 WNF C
48 Texas 0.01 −0.12 −0.26 0.13 0.06 0.03 −0.24 0.13 0.19 0.00 0.00 0.00 WNF C
51 Virginia −0.65 −0.44 −0.27 0.84 0.75 −0.46 −0.43 0.41 0.47 −0.63 0.83 0.74 WNF F
55 Wisconsin – – – – – −0.48 −0.36 0.47 0.26 0.00 0.00 0.00 WF C
(−)ρ 8 11 8 7 5 9 9 9 8 7 3 2
(+)ρ 6 3 6 7 9 8 8 8 9 4 8 9
Mean −0.16 −0.11 −0.03 0.14 0.20 −0.03 −0.01 0.02 0.08 −0.16 0.19 0.24
Std 0.33 0.32 0.39 0.35 0.38 0.42 0.42 0.40 0.40 0.32 0.34 0.35
CoV 2.11 3.04 14.79 2.50 1.91 16.69 31.25 18.83 5.24 2.06 1.82 1.46

Note: The SPS-1 pavements at Louisiana site (22) are young and did not exhibit any significant cracking, and
therefore are not included in this analysis.
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Figure 4. Example plots between Area and cracking performance at the network level.

Though the sites differ in age, traffic, climate, and materials this analysis is intended to use
the wealth of data from all the sections in the experiment. Moreover, the variation in age of the
sites may not be very critical at this point in time as no definitive trends were observed between
pavement age and performance (see Figure 2). Also, it is assumed in this analysis that deflection
basin parameters will “characterize” the structural features such as HMA surface thickness, base
type and base thickness. In other words, pavement response was assumed to be strongly correlated
with the structural capacity of the pavement. In order to account for the effects of subgrade type
and climate, relationships were explored for different subgrade soil types (fine- and coarse-grained
soils) and climates (WF, WNF, DF and DNF).

Figure 4 shows scatter plots between AREA and the various cracking distresses. All figures show
a high level of scatter. For fatigue cracking (Figure 4a) there is an indication of a downward trend
as AREA increases. The reverse trend can be seen for longitudinal cracking-WP (Figure 4b) and
transverse cracking (Figure 4d). For longitudinal cracking-NWP, there is no trend (Figure 4c). This
could imply that this distress type is not load-related and probably caused by the environment.

4 CONCLUSIONS

Based on simple analysis to seek apparent relations and trends between initial pavement response
parameters (deflections and DBI) and future observed cracking performance in flexible pavements,
the following preliminary conclusions can be made.

At the project level, generally, AREA, SCI, BDI and do have shown reasonable correlations with
fatigue cracking for sections in most of the sites in the SPS-1 experiment (where sufficient distress
has occurred). In most of the sites, pavements with higher initial SCI, BDI or do, or lower initial
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AREA were found to have more fatigue cracking. No apparent relations or trends were observed
for longitudinal and transverse cracking.

At the overall network level, the scatter was very high. However some weak downward trend was
seen with increasing AREA for fatigue cracking. The opposite trend with increasing AREA was
observed for longitudinal cracking-WP and transverse cracking. No apparent relation was observed
between AREA and longitudinal cracking-NWP, implying that this distress could be independent
of the pavement structural capacity.

Deflection-based criteria to predict pavement performance are very uncertain at the network
level. The amount of uncertainty or variance in the deflections on flexible pavement is contributed
by many unexplained factors. The spatial variability may show the relative strength and the weakness
along the pavement at the project level and hence such relationships between initial deflection-based
parameters and future performance may be very useful for quality control/assurance, especially in
the context of performance-related specifications. However, it may not be possible to predict the
performance with any reliability at the network level.
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Photogrammetric pavement detection system
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ABSTRACT: This paper introduces a complex, low-cost road pavement measurement system
designed primarily for pothole and crack detection. The onboard system is composed of a GPS/INS
navigation unit, an image acquisition module, and a photogrammetric and image-processing sub-
system. Due to the use of structured light and the availability of accurate navigation data, the 3D
coordinates of the road points, in the form of cross profiles, as well as the size and location of the
potholes, can be derived from the images at cm-level relative accuracy. For the road classification
the International Roughness Index (IRI) can be derived. This paper also discusses the potential
future developments of the system; it reports on the initial investigations of applying single camera
with laser line projection which can significantly simplify the overall procedure.

1 INTRODUCTION AND CONCEPT

In the well-motorized countries the transportation authorities spend significant amounts of money
to road constructions and road pavement maintenance. The roads are aging; the maintenance works
have to keep pace with the new constructions. The traffic delays are mostly caused by road closures,
this topic is always highlighted in the news. Therefore, the optimized scheduling became extremely
important, the authorities tend to turn to new technologies in order to map the actual condition of
the road pavement and decide upon the priorities of the scheduled maintenance works.

Since road engineering is one of the most extended engineering field, many “traditional” road
surveying methods used for construction and maintenance planning. As most of the maintenance
works are scheduled based on experiences, the road conditions are often classified by visual obser-
vations. The number of potholes, the length and type of the cracks, and lane grooves are clear
indicators of the overall road condition.

However, there are a few autonomous (or at least semi-autonomous) systems in use, e.g. the
Swedish RST (http://www.opq.se) or the Mandli Roadview (http://www.mandli.com): both systems
are able to measure the cross- and longitudinal profiles of the roads; moreover, Mandli is collecting
digital images about the road surface.

The authors also reported about the results in the major mapping and remote sensing confer-
ences (e.g. International Society for Photogrammetry and Remote Sensing, American Society for
Photogrammetry and Remote Sensing).

This paper discusses the structure and results of the original system, the potential of the entry-
level IMUs (inertial measurement unit) in mobile mapping and introduces the latest concept with
the initial test results.

2 SYSTEM COMPONENTS

Our basic idea was to create a road pavement detection system, which uses optical sensors for
measuring the longitudinal and cross sections of the roads and the pavement anomalies (potholes,
wide cracks). Figure 1 shows how the system components are linked to each other. The sensor
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Figure 1. The main components of the system.

Figure 2. The instrument platform mounted on the pickup and the controlling environment.

component consists of two cameras (Sony XCD-SX910) synchronized by external trigger and laser
projectors, the location component contains an integrated GPS/INS (Global Positioning System /
Inertial Navigation System) unit (Crossbow NAV420CA).

The cameras are capturing downward images about the pavement at a rate of 5 fps. 20 individual
laser projectors provide the equally spaced marker points located perpendicular to the traveling
direction on the surface. Therefore, the 3D coordinates of the points can be computed by evaluating
equations of geometric constraints.

The georeferenced position and orientation of the camera pair are provided by the integrated
GPS/INS system. The NAV420CA system consists of a navigation grade GPS receiver, an entry-
level IMU (Inertial Measurement Unit), and a built-in Kalman-filter. The accuracy of the positioning
by the GPS module is about 3 m CEP, whereas the random walk of the IMU is about 4.5◦/hr1/2
(Barsi et al. 2005).

The cameras have 1280 by 960 pixel resolution which results in 3 mm ground pixel size, which
enable not only the detailed surface description but the scar and crack detection from the images,
too. The camera location assures the full lane-width visibility, covering 3.5 m wide area. The
cameras are linked by FireWire to the laptop mounted in the cab (Fig. 2).

3 INITIAL RESULTS

The system will be used by the transportation authorities and intended to replace the existing road
measurement technologies. There are several types of end products obtained by the developed
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Figure 3. Pavement surface model.

Figure 4. The concept of the second version.

system. The two main categories are: elevation information of the road surface and images about
the pavement. From the elevation data of the projected points the cross and longitudinal sections
of the road surface can be computed. If the point arrays are linked together, the digital surface
model of the road can be created and enhanced on demand with the gradient values (Fig. 3). Using
the optical images for crack detection is considered as a completely separate category. Applying
well-known image processing algorithms, the length of the cracks can be computed.

4 V2 – BASIC CONCEPT

The idea behind the second version is measuring height in a single image by profile detection. If a
straight line is projected on a smooth surface and an image is taken from oblique camera position,
the line appears straight on the image (Fig. 4).

In case of height change (an object or pothole, for example), the image of the line seems straight
only from top view, but it’s broken from any oblique view point (Fig. 5).

875



Figure 5. The basic concept of measuring height (x) in a single image taken from oblique viewpoint.

Based on similar triangles clear correspondence can be defined between y and x, which is a
quadratic equation. For x the function is the following:

During the calibration, the camera focal length is considered as constant. So the only inputs of
calibration are the h and t values.

This system can be considered much robust compared to the previous version, since it avoids
stereo imagery. Moreover, in this concept every single points of the projected line can be evaluated
and measured (note, that previously separated points have been projected); therefore it enables
much higher resolution for the road surface model. The surface resolution depends on the camera
cross-directional resolution. Initially only a single line is projected onto the surface, later, if higher
measurement speed is needed, more lines can be projected simultaneously.

5 FIRST TESTS WITH V2: CONCEPT PROOF

In the first phase the image processing module has been developed. For the concept proof an
industrial laser line projector and an industrial digital camera were used, the same equipments are
intended to apply in the final version. The laser projector is a 5 mW, 660 nm Lasiris laser diode,
with special optic for the structured light. The imaging unit is a The Imaging Source DFK 41F02
color camera with 1280 × 960 resolution and 7.5 fps image acquisition speed.

The laser projector was mounted vertically (perpendicularly to the surface); the projected line
was captured by the camera from the oblique position of about 45 degrees.

In all cases the objects have been moved towards the camera, perpendicularly to the projected
line. Sequences of camera images were the inputs of the overall object reconstruction procedure.
In all images the red laser stripe was extracted by filtering and binary image morphology, and then
the y image coordinates of the laserline were computed.

The accuracy of the reconstructed object depends on the capturing resolution (number of images
per object) and the calibration parameters (camera height, object distance). In the following the
computed cross sections and the reconstructed object are shown (Fig. 6).

As it can be seen in Figure 6, the detected object is nicely reconstructed. The accuracy of the
height measurement ensures adequate solution for road condition detection, since the final purpose
is measuring the height differences on the road surface and deriving the IRI number for dedicated
road segments.
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Figure 6. Computed cross sections and the reconstructed model of a hand.

Figure 7. IRI map derived from laser markers below the tires. (light is for good, dark for bad status)

6 DERIVING THE INTERNATIONAL ROUGHNESS INDEX

The IRI measurement has m/km (sometimes mm/m) or in/mi units. The determination of IRI can
be easily done from the intersected surface points; only the longitudinal profile has to be used.
The most relevant place of road roughness is exactly under the tires, therefore the four (2 left and
2 right) markers in line with the tires have been selected for IRI calculations. The IRI values are
calculated for all four points, samples taken in every 80 cm (at a speed of 4 m/s [15 km/h]) along
the road, then their average are ordered to the analyzed road segment.

A further software module has been developed, which produces IRI files (reports) and IRI maps.
In Figure 7 the effect of the recently finished road reconstruction on the bridge and the lack of it
on the east (Pest) side can be clearly seen.

The IRI calculation is done at the highest resolution, but of course the values can be aggregated
arbitrary.

An additional experiment was also performed: the potential of vertical acceleration directly in
IRI calculation i.e. how can IRI be derived from the single vertical acceleration measurements.
To test this hypothesis, regular gridded vertical acceleration values were interpolated, then they
were integrated into vertical movements, and at the end the IRI-calculations were performed as
(Sayers & Karamihas 1998) refers. The IRI-values are calculated for 2 m long segments. Since only
a single IMU was applied in the vehicle, no smoothing (e.g. averaging) was needed (compared to
the previously mentioned “optical” IRI method).

Considering different pavement types the IRI-diagrams can be compared (Fig. 8).
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Figure 8. IRI-values calculated directly from vertical acceleration measurements on different pavement types.

Table 1. Basic statistics of IRI on different pavement types (derived
from Figure 8 diagrams).

Pavement type Mean Std deviation

Stone mosaic1 0.1041 0.0195
Stone mosaic2 0.1095 0.0164
Stone mosaic3 0.1416 0.0317
Small cubes 0.6795 0.1586
Large cubes 0.3543 0.0775

The most important statistics of the IRI-values are in the Table 1.
The standardized IRI values for airport runways and superhighways are 0.5–2.0, 1.5–3.5 for new

pavement, 2.5–5.5 for older pavement, 4.0–11.0 for damaged pavement and 8.0–20.0 m/km for
rough unpaved roads. Comparing the IRI values of Figure 7, relative good fitting can be noticed:
the renewed pavement on the bridge has an average IRI value of 4 m/km, whilst the older road
segment on the east river side has about 16 m/km. Especially this latter value points out that our
system requires a calibration run to get the mathematical formula to assign the IRI observations to
the standardized evaluation.

Figure 8 illustrates the IRI diagrams for the investigated pavement types, calculated from the
raw vertical acceleration measurements.

The first three pavement types are the smooth surfaces; they have an average IRI value of about
0.1 with a relatively small (<0.05) standard deviation. Compared to this, the last two pavements
are worse as the observed higher IRI values (0.3 and 0.6) with larger standard deviation (>0.05)
clearly indicate it.

Although there are numerically greater differences between our mean IRI values and the stan-
dardized ones, the tendency is obvious: the worse road gets higher IRI measures. This solution also
cannot avoid the calibration procedure.
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7 CONCLUSIONS

In this paper we presented a concept study and our initial results of the developed pavement detection
system. Digital cameras capture the images of the road pavement which is lit by structured light. The
exterior orientation parameters of the images are provided by a GPS/INS navigation system, which
enables the pavement surface generation at good accuracy. Applying a special diffuse illumination,
the small anomalies of the pavement, such as scars and potholes, can also be detected. In the context
of this effort we developed a road profile and surface generation module which input the profiles
formed from the marker points. This CAD-based module not only computes the profiles from the
given points, but generates a road surface model that represents the pavement condition and can
be used for maintenance assessment, scheduling, and planning.

The investigations and tests described in this paper proved that the proposed single-camera
detection method assures robust solution for road surface generation. Applying a single imaging
unit simplifies the georeferencing and avoids the complicated calculation and calibration of two
cameras which have to be synchronized. Using line projection instead of laser point array enables
measuring all point heights along the profile, therefore the surface model resolution depends only
on the horizontal resolution of the camera. This concept also has further potential in development,
e.g. applying multiple projected lines in order to allow higher measurement speed, and also leaves
open the possibility of using the camera images for additional purposes, such as crack detection,
which is a critical issue regarding road condition detection.

The described mobile mapping system and the provided surface data can be used for deriving
the IRI for the particular road segments, which is used by the transportation authorities for road
pavement classification.

The next step in development is creating the engineering prototype of the road detection system;
the camera, the laser projector, the control unit, and the navigation system are to be mounted on a
vehicle and the next tests are to be carried out in the environment of the final system, i.e. on the
roads.
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ABSTRACT: Despite tremendous difficulties for developing automated data collection and inter-
pretation of pavement surface cracks, there have been progresses made in recent years in both
hardware and software technologies for data collection and crack analysis. This paper attempts to
present the status of developments, such as laser based imaging with low power consumption and
shadow-free characteristics, and real-time and fully automated analysis. A special focus is on the
Automated Distress Analyzer (ADA) that was developed at the University of Arkansas. Challenges
in computing resources and algorithm development will be discussed. In addition, data is presented
comparing fully automated real-time results from ADA and results from manual surveys.

1 INTRODUCTION

Pavement condition survey is a critical process for roadway agencies to accomplish the tasks of
performance measurement, maintenance, rehabilitation, and reconstruction of the transportation
facilities. Traditional survey is conducted through manual observation in the field. It is hazardous,
error-prone, lack of consistence, and time and cost consuming. Many existing systems can auto-
matically collect the data (Wang, 2000). However, they share common characteristics of limited
automation level on the data analysis. Analyzing the data collected manually is a painstaking task
considering the large amount of data for visual inspection.

The challenge of the automated data analysis is the extraction and recognition of the features of
interest from the images by computer. The automated recognition is mostly based on pattern recog-
nition and image processing techniques. A recent report on automated cracking survey (McGhee,
2004) presented comparison of data between the results from an automated system and the results
from manual surveys. The conclusion of the report is that there are still large differences between
them. For nearly a decade, the researchers at the University of Arkansas worked on the Digital
Highway Data Vehicle (DHDV) and the related real-time cracking software, the Automated Dis-
tress Analyzer (ADA). This paper attempts to present the development of DHDV, the use of the
Laser Road Imaging System (LRIS) for image capture, and ADA, and discuss two popular cracking
protocols that are being deployed in the US and Europe.

2 DESCRIPTION OF HARDWARE SYSTEM

The Digital Highway Data Vehicle (DHDV) has evolved into a new platform with laser based
imaging technology for pavement surface data collection. The DHDV is multi-functional and
includes a sub-system for pavement surface imaging, a sub-system for Right-Of-Way imaging,
and a sub-system of laser road profiling. Figure 1 illustrates the basic components and data flow
of DHDV.

The pavement imaging sub-system includes two line scan cameras and two laser sensors pointing
downward on the pavement. Together, the two cameras capture about 4-meter wide pavement with
1-mm resolution at speeds over 100 KPH.The images are in 8-bit gray scale. AnAutomated Distress
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Figure 1. Dataflow of the DHDV System.

Analyzer (ADA) is developed to conduct the real-time automated distress detection and analysis
of the pavement images. Four types of cracks (longitudinal, transverse, alligator and block) are
detected and classified. Geometry information of individual cracks and their positions are streamed
into a real-time database. The ReportWriter software compiles the cracking information in the
database into various indexing formats, such as the AASHTO interim protocol, Cracking Indicator
(CI), TxDOT method, UK SCANNER, and Pavement Condition Index (PCI). Custom protocol can
also be developed into the ReportWriter.

For several decades, the data collection industry of roadway pavements struggled to provide high-
quality and shadow free images. The implementation of digital image collection in recent years
did not help ease the problem. Unnaturally darker areas in images are caused by the shadowing
effect due to sun’s relative orientation to the data collection vehicle. For example, trees, power
lines, buildings, and mountain slopes can cause the darker areas. Even the data collection vehicle’s
own shadow can appear in images. Shadows in pavement images can render that portion of image
not usable for survey as the details are not visible. If the details of the shadowed area are legible
for survey, the un-shadowed area would be too bright and not legible for survey. As automated
interpretation techniques also rely on high image quality to produce correct results, the shadow
problem in pavement images present difficulties for both manual and automated processes. Many
data collection vehicles had to operate at night to eliminate shadows and provide uniform images
with light-emitting devices.

Since early 2006, laser was successfully implemented as the illuminating device to capture pave-
ment images by the Canadian company INO in Quebec. The underlying principle is to illuminate
the pavement surface with a laser line light within a narrow spectrum that sun light has limited
energy influence. Camera lens is outfitted with a filter that only allows energy in the narrow spec-
trum to pass through. The end result is that the camera can only receive information reflected from
the pavement surface in the narrow spectrum. The two major advantages of this technique are
(1) shadow free images are obtained all the time, day or night, (2) energy consumption is limited
to 200 watts or less. Systems based on traditional lighting techniques require thousands of watts of
energy, still not able to rid of the shadowing problem.

The new INO system is called Laser Road Imaging System (LRIS), consisting of two high
resolution line-scan cameras and two laser emitters to image 4-meter wide pavement surface with
1-mm resolution at speeds surpassing 100 KPH. In Figure 2, the LRIS system uses both high
speed/high resolution line-scan cameras in conjunction with high power laser line projectors that are
aligned in the same plane in a symmetrically crossed optical configuration. The laser used in LRIS
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Figure 2. DHDV with LRIS in Operation.

Figure 3. Automated Distress Analyzer.

has a wavelength of 800 nm to 580 nm which belongs to class IIIb. This particular configuration
offers several advantages as compared to more traditional imaging techniques. It is compact (20 kg
total weight), power efficient (<250 W), and immune to shade and ambient illumination change.
The most important feature of the system is that this optical configuration increases the visibility
of even the smallest cracks by using the incident illumination angle of the laser to cause the cracks
to project shadows.

A Real-time distress analyzer, Automated Distress Analyzer (ADA), shown in Figure 3, was
developed which provides the real time analysis of the longitudinal, transverse, alligator, and block
crack. The detected cracks in the images are highlighted in a bounding box in the crack map. The
length, width, direction, type, and other information of the cracks are imported to utility soft-
ware, ReportWriter. The crack statistics of the target road is provided in a graph, an Excel file, or
database file.

3 AUTOMAED INTERPRETATION FOR CRACKS

In order to achieve rapid execution of algorithms on image compression and image analysis, parallel
processing techniques are used in the DHDV to maintain real-time operation of data acquisition
and processing.
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Figure 4. The Framework of the Data Acquisition and Processing.

Figure 5. Integrated MHIS Deluxe for Distress Editing and Information Presentation.

At the macro level, Figure 4 illustrates the data acquisition and processing in a parallel envi-
ronment. A dual-CPU multi-core computer is used for data acquisition of GPS data, DMI data,
images from the digital camera, and data from other sensors. These data sets are moved to another
multi-core CPU computer in real-time for the distress analyzer through a gigabit data path. There
is a project manager or master dispatcher for parallel processing, which coordinates the processing
of images among the n processor cores. The current implementation uses two CPUs for the dis-
tress analyzer. In the near future, a single multi-CPU and multi-core computer will be deployed to
conduct the entire processes of data acquisition and processing.

Figure 5 illustrates an integrated multi-media highway information system (MHIS) Deluxe that
presents all DHDV collected data sets in a geo-referenced environment. A key feature of MHIS
Deluxe is its capability to add non-cracking distresses and edit existing cracks through a CAD like
tool palette.

4 EXPERIMENT DATA

When geometry and positioning information of cracks are known, the next logic step is to compile
the information into an engineering index for pavement management purposes. In the past decades,
roadway agencies in the world were devising and implementing their own definitions of distress
indices or indicators. Universal Cracking Indicator (CI) was devised by William D. Paterson of
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World Bank (Paterson, 1994). Its simplicity makes it appropriate to be used to test the validity of
ADA. It is dimensionless. It produces a single number to indicate the severity of pavement cracking
as follows:

l : Length of the crack (m)
w : Width of the crack (mm)
L : Longitudinal crack
A : Alligator crack
T : Transverse crack
A : Total pavement surface area (m2)

Seven sets of experiment data are presented in this paper. The original pavement images are
collected using the DHDV equipped with LRIS. ADA processes the pavement images and the
cracks are automatically detected and presented in the form of location, geometry and orientation.
The ReportWriter software then processes results from ADA and produces crack statistics. Several
distress protocols are implemented in ReportWriter such as UK SCANNER,ASSHTO, World Bank
CI, Texas DOT protocol etc. The CI method is used in this study.

The manual results are obtained by carefully examining the results from ADA and correcting
the erroneous detections, including deleting false alarms and adding missed cracks. Diversity of
pavement location, road condition, characteristics are considered when choosing the sampling data
sets. There are seven databases presented here for seven pavement sections: five for urban road,
two for rural road.

The seven figures show the comparison results. The X-axis shows the section number, with
100 meters for each section.Y-Axis shows the CI index for the sections. All seven datasets generally
show consistency between the manual rating and the automated rating. The error percentage is less
than 1% for most of the comparisons. However, dataset 4 and dataset 5 have error percentage about
20%–50%. These two datasets are taken from the roads in the City of Los Angeles where some
roads are severely deteriorated. From the raw images, a large amount of man-made objects, trash,
and marking can be seen. These contents pose tremendous challenges to the automatic algorithms
and become a next research project.

5 CONCLUSIONS

The pavement data collection industry finally has obtained a hardware that is able to capture 1-mm
details of pavement in digital format at highway speed without influence of sun light and free
of shadows. This dramatic development has further encouraged developers to produce working
systems for automated interpretation, and generation of crack maps of pavement surfaces. Due to
the technical complexity of definitions and varying needs of highway agencies, it appears that a
universally accepted standard for cracking index is not likely. This paper attempts to correlate the
fully automated real-time results from ADA with results of manual processing based on the CI
index. It is conclusive that ADA results meet the manual results very well. It should be noted that
there have been two major efforts of developing cracking protocols in the US (AASHTO Interim
Protocol) and United Kingdom (UK SCANNER) that have received certain level of acceptance in
a number of agencies. The authors will present more data analysis based on the two protocols in
the near future.
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Data Set 1

Location: Baton Rouge, LA, Suburban; Length: 900 meters
General Pavement Condition: Poor
Foreign Object on Pavement Surface: Clean, with some oil streaks
Survey Time: ADA, 1.5-min; Manual 10-hr

BatonRouge, LA, 74 wb, 2006-06-28
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Data Set 2

Location: Baton Rouge, LA, Suburban; Length: 1700 meters
General Pavement Condition: Poor
Foreign Object on Pavement Surface: Clean, with oil streaks on road, trash, seam between shoulder
and ground
Survey Time: ADA, 3-min; Manual 10-hr
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Data Set 3

Location: Fayetteville, AR, urban; Length: 1200 meters
General Pavement Condition: Poor
Foreign Object on Pavement Surface: Clean, with man holes
Survey Time: ADA, 2-min; Manual 6-hr

Fayetteville, AR, 15th Street, 2007-09-13
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Data Set 4

Location: Los Angeles, CA, Urban; Length: 3000 meters
General Pavement Condition: Poor
Foreign Object on Pavement Surface: Dirty, with man holes, seams between asphalt and curb,
debris, railroad tracks
Survey Time: ADA, 5-min; Manual 20-hr

Los Angeles, CA, 7th Street, 2007-11-29
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Data Set 5

Location: Los Angeles, CA, Urban; Length: 800 meters
General Pavement Condition: Fair
Foreign Object on Pavement Surface: Clean, with manholes, seams between asphalt and curb,
debris, railroad tracks, cuts on asphalt
Survey Time: ADA, 1.5-min; Manual 1.5-hr

Los Angeles, CA, 1st Street, 2007-12-19
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Data Set 6

Location: College Station, TX, Urban; Length: 900 meters
General Pavement Condition: Fair
Foreign Object on Pavement Surface: Clean, with some oil from median reflectors, seams between
asphalt and curb
Survey Time: ADA, 1.5-min; Manual 2.5-hr

College Station, TX,  WellBorn Rd, 2006-08-10
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Data Set 7

Location: Baton Rouge, LA, Urban; Length: 600 meters
General Pavement Condition: Fair
Foreign Object on Pavement Surface: Clean, with seams between asphalt and curb
Survey Time: ADA, 1-min; Manual 2-hr

BatonRouge, LA, Gourrier Ave, 2007-01-08
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Crack detection and classification in asphalt pavement using
image processing

A. Hassani & H. Ghasemzadeh Tehrani
Tarbiat Modares University, Tehran, Iran

ABSTRACT: Road surface cracking is a major and extent type of distress in both rigid and flexible
pavements. Crack detection and their classification are very important in pavement management
systems. This paper, proposed a method based on road surface image processing. Some of the
image characteristics including vertical histogram, horizontal histogram, vertical proximity and
horizontal proximity are calculated. By using these parameters an image categorized into free
crack, longitudinal, transverse, block and alligator cracks. In some cases, block and alligator
cracks have a near properties and method need to use a fuzzy algorithm for judgment. The main
advantage of fuzzy algorithm is considering uncertainty nature of crack patterns. The proposed
method is very easy, fast with a high accuracy.

Keywords: road crack, image processing, fuzzy, pattern recognition.

1 INTRODUCTION

Road and highway networks are a major asset in all countries. Billion of dollars are needed for cur-
rent road maintenance every year. Thus, road authorities need accurate, confidential and up-to-date
information on the network pavement condition for managing these assets efficiently. Conventional
method for road pavement evaluation is manual. The manual methods are very costly, time consum-
ing, dangerous, labor intensive and subjective [1]. These factors cause an approach to automatic
monitoring and non-destructive testing for road pavement evaluation. This approach started by
measuring roughness and then continued by considering other distress types. Currently, there are
many types of equipment for rapid monitoring and evaluating of road pavements such as Swedish
PAVUE, CSIRO crack detection system, Dynatest productions, ARAN productions and so on. They
are very powerful tools but they only produce surface cracking map and can not classify cracks.

As the papers show, many researchers have studied recognition and classification of road surface
cracks. Imaging method is widely used in which a visual digital image from the surface is analyzed
to identify surface distresses.

Because of uncertainty in crack patterns, some papers have proposed methods based on fuzzy
theory and fuzzy logic [1, 2, 3, 4]. As the brain can detect the distress on the road easily by seeing
them, some researchers tried artificial intelligence method such as neural networks and neuro-fuzzy
systems to classify the distress on the roads [5, 6, 7]. Others also applied for crack detection and
classification [8, 9, 1, 11, 12].

Authors have proposed three methods for crack detection and crack classification in digital
images [13, 14 15, 16]. Firstly, an algorithm for classifying cracks in pre-processed images was
proposed based on fuzzy membership functions. This method is very simple and too fast. The
method consider crack pattern uncertainty for judgment, specially in the case of block cracks with
high severity and alligator cracks with low or medium severity, But this method can not detect free
crack images and its accuracy is not in agreement completely [13, 16].

Secondly, a method was proposed by using artificial neural network. A multi layer perceptron
(MLP) network was learned to classify cracks in the road surface digital images. The MLP method
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is not as simple as fuzzy algorithm, but it can use for identifying any kind of distresses and their
corresponding severity. The problem with MLP method is the size of image. As the size of image
increase, the number of neurons will be high and the network diverges [14, 16].

Thirdly, a region growing classifier (RGC) was proposed for crack identification. The basic idea
in the RGC method is to segment underlying image into some disjoint regions or segments based
on pixel grey level characteristics and then count the number of regions which are produced as the
desirable output. These regions may be small neighborhoods or even single pixels. RGC method
is the process of joining neighboring pixels into larger regions based on image properties. This
method has a good accuracy but it is a deterministic method and can not consider uncertainty in
different type of crack patterns [15, 16].

This paper presents a method, classifying road cracks by combining two approaches. At the
first, some of image characteristics including vertical histogram, horizontal histogram, vertical
proximity and horizontal proximity are used to identify cracks in the image. Finally, in some cases,
such as block or alligator cracks fuzzy algorithm is used.

2 IMAGE CHARACTERISTICS

A digital handy cam is used to take road surface images. The degree of handy cam with horizontal
axes is 30 degree and it is 1.5 meter above the surface. The original image has 640 by 480 pixels.
Each image shows a 1.2 m × 1.2 m of road surface. The performed results showed that images taken
in sunny weather two or three hours after raining were the best, as the gray level of the cracks is
much different from the background of surface. As such all pixels should be located in two groups,
namely background and crack pixels. Thus, a computer program is written to change each image
to gray scale, and then by using proper threshold all images changed to a binary image. Proper
threshold is chosen by investigating more than 500 images.

From the pre-processed input image two kinds of histograms are calculated, a vertical histogram
( Vh(j) ) and a horizontal histogram ( Hh(j) ). The vertical and horizontal histogram of a binary
image is defined as the number of non-zero values in each column and row respectively. Based on
these definitions for a given “n.m” image equation (1) and (2) are introduced.

To find a way for using the ability of histogram method, we propose the mean value of each
vertical histogram (µv) and horizontal histogram (µh) as follows:

One advantage of using the mean value of histogram is that it gives a position invariant measure
of the input image because if the crack is shifted across the horizontal or vertical direction, then
µv and µh are not changed. We can also define the proximity measure as a vertical proximity and
horizontal proximity. The proximity is computed by accumulating the difference between adjacent
histogram values. Low level of proximity indicates that there is little difference between any of
the columns or rows for he input image. The vertical proximity (�v) and the horizontal proximity
(�h) can be calculated as follows:
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Figure 1. Different directions of crack development.

We categorize the images in five groups including free crack, longitudinal, transverse, block
and alligator crack. At least 100 images are taken for each group. Our study shows that µv and µh
are less than 0.5 for free crack images. Further, for longitudinal and transverse crack images µv
and µh are from 1 to 10. For longitudinal cracks, the vertical proximity is greater than horizontal
proximity and for transverse cracks; the vertical proximity is less than horizontal proximity.

If the µv and µh are greater than 10 then image may be a block or alligator crack. Clear block
cracks have µv and µh less than 15 and clear alligator cracks have µv and µh greater than 35.
Otherwise, the image shows a block crack (with medium or high severity) or an alligator crack (with
medium or low severity). In such cases, the image characteristic ranges are similar for both cracks
and there is an uncertainty at the judgment. In this situation, we propose using fuzzy algorithm for
crack classifying.

3 FUZZY ALGORITHM

Different types of cracks are developed in different directions as shown in figure 1. The longitudinal
cracks are developed in direction 1, transverse cracks are developed in direction 2, block cracks are
developed in direction 1 and 2, alligator cracks are developed in direction 3 and 4. In each binary
image, the pixels with gray level 1 are count in four directions. The percent of new element in each
direction (p1, p2, p3, p4) shows the kind of crack. All images were categorized and then Pi values
were calculated. Pi values were used for develop a set of membership functions. These functions
indicate the image membership for each category and intersection of all functions shows the image
classification. Based on our experience the membership functions for block and alligator cracks
are provided and shown in Figure 2 [13].

According to Bellman and Zadeh law, the minimum of membership is chosen as intersection
[17]. Figure 3 shows the decision making flowchart.

4 EXPERIMENTAL RESULT

Some images are reviewed in this section for describing the method. Figure 4 shows an image
with µh = 2.2, µv = 3.2, �h = 40 and �v = 93. Based on our flowchart, this image represents a
longitudinal crack, as it is seen.

Figure 5 shows an image with µh = 43, µv = 63, �h = 1936 and �v = 1229. According to our
flowchart, this image is categorized as an alligator crack, as it is seen.

Figure 6 shows an image with µh = 19, µv = 28, �h = 982 and �v = 845. In this case, we need
to use fuzzy algorithm. In this image, percent of new elements at each directions are as follow
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Figure 2. Membership functions for (a) block cracks and (b) alligator cracks.

Figure 3. Decision making flowchart.

p1 = 39%, p2 = 31%, p3 = 18% and p4 = 12%. The membership degree intersection of image for
block cracking is 0.73 and for alligator cracking is 0.33. So, this image represents a block crack.
Comparing 0.33 and 0.73 indicates the uncertainty nature of crack pattern.

5 CONCLUSIONS

Pavement cracks are major and extensive distresses. Crack identification and classification with
manual methods are very costly, time consuming, dangerous, labor intensive and subjective. There
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Figure 4. Longitudinal crack.

Figure 5. Alligator crack.

Figure 6. Block crack.

are many types of equipment for rapid monitoring and evaluating of road pavement but they only
produce surface cracking map and can not classify cracks.

In this paper, we reviewed our previous methods for crack detection and classification in digital
images. Then, we proposed a new method with combination some of them. As the experimental
results show, this method is free from disadvantages of other previous methods. This method is
simple and fast and so the hardware implementation is easy with low cost. It’s accuracy in our
images is more than 95% and provides a reliable and confidential results.
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Experimental and numerical simulation study on the crack of steel
orthotropic bridge deck pavement

W. Xu & X.-N. Zhang
China University of Technology, China

ABSTRACT: Cracking is the main distress of pavement on steel orthotropic bridge deck. The
crack of pavement on steel orthotropic bridge deck is surveyed in China and the character of
cracks is analyzed. The strain state of pavement on steel orthotropic bridge deck is measured in
site of Queshi Bridge in China. The strain state of pavement on steel orthotropic bridge deck under
static vehicle load and dynamic vehicle are measured by strain gauges. The results of measurements
show that the asphalt deck pavement is of viscoelastic character evidently. The stress state and strain
distribution of deck pavement under the tire load are studied through finite element method. And the
results of numerical simulation analysis and experimental measurement are compared, which shows
that numerical simulation analysis can accord with experimental measurement well. Four types of
pavement material are designed and the anti cracking performance is compared through fatigue test.

1 INTRODUCTION

The problem of Cracking in pavement on steel orthotropic bridge deck has not been solved well for
about 20 years in China. For about 3–5 years the pavement on steel orthotropic bridge deck will be
replaced usually in China, which has big influence on traffic function of the bridge. There are about
ten big steel bridges to be built in recent years in China, and the cracking is an urgent problem to
be solved for the high temperature and heavy traffic condition (Hu, Qian & Huang 2001).There
are several reasons for the cracking, such as overload, the stiffness of bridge deck and pavement
material performances are weak (Li, Deng & Zhou 2001). While empirical and mechanics design
models do exist for the design of ordinary pavements, there is no universally accepted model for the
design of surfacing on orthotropic steel bridges now. There is a need for a new design procedure for
surfacing on orthotropic steel decks. Such a procedure should be based on a proper understanding
of the behavior of the different materials involved, as well as the stress state of the pavement on
bridge deck (Medani 2001).

2 THE CHARACTER OF THE CRACKING ON STEEL ORTHOTROPIC
BRIDGE DECK PAVEMENT

2.1 Character of the cracking

The character of the cracking on the typical steel orthotropic bridge deck pavement was surveyed
in China. Cracking of guss asphalt concrete pavement is shown in Figure 1a, cracking of SMA
concrete pavement is shown in Figure 1b, Figure 1c, cracking of rubber modified asphalt concrete
pavement is shown in Figure 1d, and cracking of epoxy asphalt concrete pavement is shown in
Figure 1e. The crack shape includes transverse crack, longitudinal crack, net crack, and local circle
crack. The longitudinal crack is the main style crack in the surveyed deck pavement. The transverse
crack often happens along with sliding longitudinally of the deck pavement. The cracks observed
most happen in the right lane (used mainly by trucks). Most of the cracking occurs above the
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Figure 1. The character of the cracking on steel orthotropic bridge deck.

longitudinal or transverse stiffeners. Local circle crack occurs in epoxy asphalt concrete pavement,
which often leading to pothole. Cracking is probably the most occurring type of damage on asphalt
surfacing of orthotropic steel bridges in the surveyed bridge deck. There are more cracking in the
lane with low speed traffic than the lane with high speed traffic.

2.2 Analyses of the cracking

The orthotropic deck consists of a deck plate supported into mutually perpendicular directions by
a system of transverse crossbeams and longitudinal stiffeners. The stress analysis results show that
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Figure 2. Scheme of strain measurement of the pavement on bridge deck.
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Figure 3. Strain of the pavement for seven load cases under static loading.

the tensile strain located at upside of surfacing above the upper edge of web plate of rib is the
dominating design factor for surfacing (Medani 2002 & Hulsey, Yang & Raad 1999). The shape of
cracking shows that fatigue cracking of deck pavement is caused by repeated stresses induced by
traffic. Some cracking may due to exceptionally high stresses, induced by heavy traffic exceeding
the material’s tensile or shear strength. Sliding cracking happens when the binding failed between
the pavement and steel deck. Ch epoxy asphalt shows the best anti-cracking performance among
different pavement material.

3 MEASUREMENT OF THE STRAIN STATE OF PAVEMENT ON STEEL
ORTHOTROPIC BRIDGE DECK

3.1 Scheme of measurement

The stain gauges are bound in the cut groove of 5 mm depth in the SBS SMA pavement on steel
orthotropic bridge deck of Queshi Bridge in China shown in Figure 2. And the strain gauges are
covered with a thin steel plate cover of 1 mm thickness to protect signal lines.

3.2 Analysis of the measurement data

The transverse strain of pavement is measured under seven load cases in static loading tests shown
in Figure 3. Maximum strain occurs above the longitudinal or transverse stiffeners. The strain of
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a: loading process b: relaxing process
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Figure 4. Strain of the pavement change in the process of loading and relaxing.
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Figure 5. The relation of the pavement strain with loading vehicle speed.

pavement is in the process of increasing along with loading when the loading vehicle stops on
the test position and in the process of decreasing after unloading shown in Figure 4. The strain
of pavement will become smaller along with the increasing of loading vehicle speed in dynamic
loading tests shown in Figure 5. The results of measurements show that the asphalt deck pavement
is of viscoelastic character evidently.

4 NUMERICAL SIMULATION ANALYSIS OF STRESS STATE OF PAVEMENT

The surfacing and orthotropic steel deck constitute a composite structure bearing tire load. The
mechanics analysis has to be made on this composite structure to understand the performance
requirement and design target for surfacing material. The computing model is built by shell cell
for beam and link cell for cable. Accurate results of surfacing strain state can be pulled out from
analysis on this finite element model.

The finite element model has large numbers of element if computing the local effect under
tire load in details by the whole bridge model. And this big finite element model has a very
high requirement on the computer and the computing efficiency is low. The independent bridge
beam section can not represent the integrity of the whole bridge structure and boundary condition.
The submodeling of finite element method is used to solve this problem in this paper (Xu,
Li & Zhang 2004). The spatial view for distribution of transverse strain of the surfacing is
shown in Figure 6. The strain distribution shows that peak value of tensile strain is located
at upside of surfacing above the upper edge of stiffeners, which is in the same law with
measurement data.

And the results of numerical simulation analysis and experimental measurement are compared
shown in Figure 7, which shows that numerical simulation analysis can accord with experimental
measurement well.
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Figure 6. The spatial view of transversal tensile strain distribution in computational model.

Figure 7. Compare of the pavement strain between measurement and simulating.

5 FATIGUE TEST ON PAVEMENT MATERAIL

The survey, measurement and simulating calculation results show that the transverse strain has
the dominantly effect on the cracking of deck surfacing. The fatigue test was done to evaluate the
fatigue performance and flexural stiffness of different material such as epoxy asphalt, SBS SMA,
guss asphalt. The fatigue test model is four point bending beam. The stress state of the specimen
can simulate the stress state of the deck pavement. The model of fatigue test is strain control and
the load frequency is 10 Hz and the temperature is 15◦.

The test results of fatigue life of four kinds of pavement material are shown in Figure 8. That
shows Ch epoxy asphalt has best fatigue performance, and Ta epoxy asphalt and guss asphalt have
the lowest fatigue performance.

The bending modulus of the specimen at 15◦ shows that the Ta epoxy asphalt has the highest
flexural stiffness 13.70 GPa and the SBS SMA has the lowest modulus 3.28 GPa. The modulus
changes curves along with temperature are shown in Figure 9 which shows that the flexural stiffness
of the specimen is influenced evidently by temperature and the flexural stiffness of the specimen
comes down when temperature increases. Especially the flexural stiffness of guss asphalt and SBS
SMA drop quickly along with the temperature increasing.

The pavement with high flexural stiffness will lower the strain level since the surfacing and
orthotropic steel deck constitute a composite structure bearing tire load. The Ch epoxy asphalt has
higher flexural stiffness in the usual temperature range and best fatigue performance and performs
excellent in practice.

6 CONCLUSIONS

Longitudinal cracking is the main distress of pavement on steel orthotropic bridge deck. The
pavement need has reliable anti fatigue performance and binding strength to steel deck.
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Figure 8. Compare of the fatigue performance of four kinds of materials.
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Figure 9. Compare of the flexural stiffness of four kinds of materials.

The survey, measurement and simulating calculation analysis results show that the tensile strain
located at upside of surfacing above the upper edge of stiffeners is the dominating factor for
surfacing design.

The results of measurements show that the asphalt deck pavement is of viscoelastic character evi-
dently. The loading time and vehicle speed will affect the strain level of pavement and performance
of pavement.

The fatigue test shows that Ch epoxy asphalt mixture has higher modulus and the longest fatigue
life. Ch epoxy asphalt pavement performs excellent in practice under high temperature and heavy
traffic. Ch epoxy asphalt pavement is a practical way to solve the cracking under China condition
from six years application experience. But the long time performance of epoxy asp halt pavement
in China still need longer time to test.
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Cracking of wearing courses on steel orthotropic bridge decks

X. Chen, W. Huang, J. Yang, X. Wang & G. Cheng
Southeast University, Nanjing, China

ABSTRACT: Asphalt surfacing on steel orthotropic decks act compositely with the steel deck
plate and must be regarded as an integral part of the structural deck system. It should be watertight,
develop no cracks and well bonded to steel deck plate, besides providing a smooth riding surface
with high skid resistance for the driver. Cracking of the asphalt surfacing on steel decks will do great
harm not only to the surfacing itself but also to the steel structure. This paper reported in-site crack
survey on wearing surfaces of more than ten bridges, including gussasphalt, SMA with polymer
modified asphalt and epoxy asphalt. It is found that all cracks are top-down cracking. The cracks
were classified into four types according to its characters of geometry and location, with the names
of regular cracks, short hair cracks, bubble cracks and slippage cracks. Causes of the cracking of
asphalt surfacing on steel orthotropic decks were discussed. Regular cracking is believed to be a
fatigue matter according to 3-D Finite Element Analysis. Short hair cracking and bubble cracking
are mainly related to construction defects, while slippage cracking is primarily due to the interlayer
lack of bonding strength and shear resistance.

Keywords: Steel bridge, orthotropic decks, wearing courses, cracking, classification, causes.

1 INTRODUCTION

An orthotropic steel deck plate requires a wearing surfacing for skid resistance, for smooth riding,
and for corrosion protection. The wearing surfacing is subjected to the heavy impact of loaded
truck wheels imposed by the passage of millions of trucks during the several decades of its service
life. Asphalt surfacing on steel orthotropic decks act compositely with the steel deck plate and must
be regarded as an integral part of the structural deck system[1–3]. It should be watertight, develop
no cracks and well bonded to steel deck plate[3–8].

Several asphalt surfacing systems, including gussasphalt, SMA with polymer modified asphalt
and epoxy asphalt, have been used as wearing surfacing for orthotropic steel deck plate bridges
around the world. Their performances vary from excellent to poor depending largely on local
climate, deck plate flexibility, volume of heavy truck traffic, and, in particular, the type and
thickness of the surfacing[8–16]. Cracking, potholes, rutting, corrugating and shoving, de-bonding
are the main distresses of deck pavement. The latter four distresses mainly depend on the characters
of asphalt mixture as well as bonding membrane and can be avoided by proper material selection,
while cracking lies not only on materials’ performances but also on structure characteristic and in
return has many bad effects on the structure[3]. Moisture and water can penetrate into interlayer and
the surface of steel deck through cracks, which may decrease the bonding strength and composite
action between asphalt surfacing and steel deck, finally lead to the failure of the whole surfacing
system and meanwhile, shorten the fatigue of the welded joints of steel decks. It is important to
recognize the cracks properly and take an immediate and suitable preventive repair or preservation
action when the deck pavements were found cracked. However, there is no detailed report on the
cracks of deck pavement.

A long-term survey project on the conditions of deck pavement was conducted with the help of
Construction Headquarters of Yangtze River Bridge in Jiangsu. Over ten bridges were inspected
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by the engineers of the Road and Bridge Laboratory of Southeast University, with a frequency
of 4–6 times per year. This paper reported the survey results on the cracking of asphalt surfacing
on long-spanned steel bridges. The cracks were studied with phenomenological and theoretical
methods. Cracks were classified into four types, with the names of slippage cracks, fatigue cracks,
short hair cracks and bubble cracks. Their characteristics and propagations were summarized, and
the causes were discussed. It is believed that bubble cracking is caused by buried volatiles such
as water or moisture, while short hair cracks is caused by some unknown construction defects. It
can be concluded that regular cracking is caused by repeated wheel loading, and slippage cracking
occurs due to a weak interlayer and unstable wearing coursed under high temperature.

2 CLASSIFICATION OF THE CRACKS

It is interesting that only top-down cracks were observed and there are no bottom-up cracks found.
Based on its characters on geometry and positions, the cracks are classified into four groups-
regular cracks, short hair cracks, bubble cracks and slippage cracks. Regular cracks were observed
in pavement of gussasphalt or SMA near the longitudinal or transverse stiffeners of the deck plate,
while for epoxy asphalt surfacing develops mainly irregular hair cracks and bubble cracks, slippage
cracks were only found in SMA with polymer modified asphalt.

2.1 Regular cracks

Most regular cracks occur in the pavement of gussasphalt and SMA near the longitudinal or trans-
verse stiffeners of the deck plate. According to the long-term observation, the propagation of regular
cracks can be characterized into four stages before net cracks form:

(1) short longitudinal cracks occur at ribs or the girders, as shown in Fig 1a.
(2) short transverse cracks initiate nearby the cross beam or diaphragms adjacent the transverse

cracks, as shown in Fig 1b.
(3) longitudinal cracks propagate in length and more H-shape cracks occur, as shown in Fig 1c.
(4) orthogonal cracks propagate in length, as shown in Fig 1d.

The longitudinal cracks will soon propagate into parallel cracks and net cracks or alligators if there
are not properly sealed, as shown in Fig 2. Himeno K. et al.[13] has reported another type of
longitudinal cracks of asphalt surfacing which occur in between the trough of ribs, as shown in
Fig 3. Yet this type of cracks has not been observed during the survey.

2.2 Short hair cracks

Short hair cracks were mostly observed at the surface of epoxy asphalt in steel bridges. Although
those cracks seem to be irregular, the lengths of the cracks are all short than 30 cm with a width
less than 2 mm and a depth less than 2 cm.

2.3 Bubble cracks

Bubble cracks are characterized with short radial cracks in at least three directions of about
10–15 cm length, as shown in Fig 5. Ring cracks will appear around the radial cracks due to
repeated wheel loading and dynamic water pressure; pothole will finally be formed if there is no
timely patch, as shown in Fig 6. Generally, bubble cracks may appear in any asphalt surfacing with
the air void lower than 3% such as gussasphalt and epoxy asphalt. But it is surprising that only the
deck pavement of epoxy asphalt were observed with this type of cracks.
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Figure 1. Surface crack in gussasphalt.

Figure 2. Parallel cracks and alligators. Figure 3. Cracks in between ribs.

Figure 4. Disordered short hair cracks.
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Figure 5. Bubble cracks.

Figure 6. Development of ring cracks and pothole.

Figure 7. Slippage cracks.

2.4 Slippage cracks

Slippage cracks can be easily recognized as large U-shape cracks occur with the corrugation and
shoving of the asphalt surfacing. The cracks generally have a width of 2 cm to 10 cm covering one
or two lanes.

3 DISCUSSION ON THE CAUSES OF THE CRACKS

3.1 Theoretical analysis on regular cracks

It is known that the responses of asphalt surfacing on steel orthotropic decks under wheel loading
are complex with localization, and strongly dependent on the geometry of the decks, position of
the wheels, wheel footprints, composite action and other uncertain factors[3][17–19]. The critical
loading condition for the asphalt is a double tired vehicle wheel straddles the trough edge of the
rib, as show in Figure 8. 3-D FEA results show that max transverse tensile stress occurs at the top
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Figure 8. Local deflexion responses of deck pavement under critical load position.

of pavement over webs of U-shape ribs adjacent to wheel load, seen as Fig 8, and for longitudinal
tensile stress, the max value occurs at the top of pavement over webs of diaphragms near to wheel
load. Consequent longitudinal and transverse cracks will occur after numerous traffic loadings or
if the pavement lack of enough fatigue resistance. Another cause of transverse cracks is thermal
cracking according to Huang W [16].

3.2 Discussion on the causes of the cracks other than regular cracks

Bubble cracks are caused by moisture as it is a impossible mission to get rid of the effects of any
type of moisture. Water on the cables or tower and sweat may drop into the mixture and evaporate
during the paving process. As gussasphalt is paved with a thickness of 5 cm and a temperature of
180–200 centigrade, the dropped water or sweat can be fully evaporated, which makes the bubbles
be easily found and repaired during construction. But for epoxy asphalt, the pavement cool down
rapidly as the paving thickness is only a half of gussasphalt and the mixture’s temperature is at
110–121 centigrade. The moisture cannot fully evaporate to form visible bubbles, that is to say, most
bubbles can not be found before the pavement is compacted or cool down. When the temperature
of deck pavement is higher enough, the moisture existed in the concrete will swell, producing large
volume expansion and tensile pressures, which leads to the cracks combined with wheel loading.

The short hair cracks should be caused by some unknown construction defects and be independent
with mixture properties as they appear randomly without any propagations. Further studies should
be launched to explore the relations between the cracks and the paving technologies.

The causes of slippage cracks lie in three factors according to Chen and Huang et al.[9]:

(1) Primarily, the waterproofing and bonding membrane lack of bonding strength and shear
resistance;

(2) Secondarily, the wearing courses of asphalt mixture short in high temperature stabilities;
(3) Tertiarily, hot summer and frequently braking in the downslop.

4 CONCLUSIONS

This paper has presented a brief discussion on the cracking of the asphalt surfacing on steel
orthotropic bridge decks based on a 6-year-long survey. The cracks of asphalt surfacing on steel
orthotropic decks are classified into regular crack, short hair crack, bubble crack and slippage crack
according to their geometry or positions. The propagation and development of each type of cracks
are summarized, as well as their causes. It is believed that bubble cracking be caused moisture,
while short hair cracks is caused by some unknown construction defects. It can be concluded that
regular cracking is caused by repeated wheel loading, and slippage cracking occurs due to a weak
interlayer and unstable wearing coursed under high temperature. Further studies can be done to
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assess the influences of different type of cracks on the wearing coursed as well as on the steel bridge
decks to provide a operational guide.
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