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Foreword

ASTM International is pleased to join CRC Press to co-publish Handbook on Nondestructive Testing of
Concrete, Second Edition. ASTM distributes many publications including standards, adjuncts, journals,
special technical publications, manuals, data series, monographs, and reference radiographs. ASTM is
proud to include this book in its publications series.

ASTM International has 130 technical committees including Committee C09 on Concrete and Con-
crete Aggregates.  This committee was formed in 1914 and currently has over 700 members.  The
committee has jurisdiction of 152 standards.  It meets in June and December.

ASTM Committee C09 on Concrete and Concrete Aggregate’s scope is (1) the assembling and study
of data pertaining to the properties of hydraulic-cement concrete and its constituent materials, including
the study of the effect of characteristics of materials and mixtures on the properties of concrete; and (2)
the development of standards for concrete and for the constituent materials of concrete (except cement),
as well as for certain related materials, such as materials used in curing.

The scope of the Committee does not include the field of design and construction of concrete structures
except insofar as references need to be made to construction methods in special case of concrete as “over-
the-counter” material. 

For additional information on ASTM International, 100 Barr Harbor Drive, West Conshohocken, PA
19428, visit www.astm.org, e-mail:  service@astm.org, phone: +1.610.832-9500.  



Preface

In the inspection of metals, nondestructive testing is an accepted practice. For example, radiographic
and ultrasonic techniques are routinely used to identify anomalies in steel pipelines, and there are
recognized national and international standards on their use. In the inspection of concrete, however, the
use of nondestructive testing is relatively new. The slow development of nondestructive testing techniques
for concrete is because, unlike steel, concrete is a highly nonhomogeneous composite material with
varying composition and different raw materials. Apart from precast concrete units that, like steel
products, are fabricated at a plant, most concrete is produced in relatively small ready-mixed concrete
plants and delivered to the construction site. The placing, consolidation, and curing of concrete takes
place in the field using labor that is relatively unskilled. The resulting product is, by its very nature and
construction method, highly variable and does not lend itself to testing by traditional nondestructive
methods as easily as steel products.

Despite the above drawbacks, there has been progress in the development of nondestructive methods
for testing concrete, and several methods have been standardized by the American Society for Testing
and Materials (ASTM), the Canadian Standards Association (CSA), the International Standards Organi-
zation (ISO), the British Standards Institute (BSI), and others. The direct determination of mechanical
and other properties requires that concrete specimens taken from the structure be tested destructively;
therefore, nondestructive methods cannot yield absolute values of these properties. Methods have been
developed to measure other properties of concrete from which estimates of mechanical properties or
other characteristics related to performance can be inferred.

Broadly speaking, there are two classes of nondestructive test methods for concrete. The first class
consists of those methods that are used to estimate strength. The surface hardness, penetration resistance,
pullout, break-off, pull-off, and maturity techniques belong to this category. Some of these methods are
not truly nondestructive because they cause some surface damage, which is, however, minor compared
with that produced by drilling a core. The second class includes those methods that measure other
characteristics of concrete such as moisture content, density, thickness, resistivity, and permeability. Also
included in the second class are such methods as stress wave propagation, ground probing radar, and
infrared thermography techniques, which are used to locate delaminations, voids, and cracks in concrete.
In addition, there are methods to provide information on steel reinforcement such as bar location, bar
size, and whether the bars are corroding.

This second edition provides comprehensive treatment of nondestructive test methods that are used
to evaluate concrete structures. The opening chapter deals with surface hardness test methods, followed
by chapters on penetration resistance, pullout, break-off, maturity, pull-off, permeation, resonant fre-
quency, and pulse velocity techniques. These chapters are followed by a chapter on the combined methods,
in which more than one technique are used to estimate strength of concrete. The remaining chapters
deal with magnetic, electrical, radioactive, nuclear, radar, stress wave propagation, infrared thermography,
and acoustic emission techniques.



This handbook is written primarily for practicing engineers engaged in quality control or investigations
of hardened concrete. The chapter authors are recognized specialists in the subject areas, and are, or have
been, active participants in technical committees on nondestructive testing of concrete. Each chapter
discusses the basic principles of the methods and provides practical information for their use. In-depth
mathematical treatment and derivations have been kept to a minimum. Those interested in more detailed
information about the development of these methods are referred to the original papers cited at the end
of each chapter.

Some of the test methods described in this handbook are based on fairly simple principles and are
easy to carry out, whereas others are based on complex principles and require sophisticated equipment
and trained personnel to perform the tests. Regardless of which test is used, it is strongly recommended
that interpretation of test results be performed by persons who are thoroughly familiar with the principles
and limitations of the method. Interpretation should not be delegated to unqualified field technicians.

It is hoped that this second edition of the handbook will meet the growing needs of practicing engineers
and technologists in the area of nondestructive testing of concrete. Graduate students in concrete tech-
nology should also find this handbook useful as a comprehensive state-of-the-art document, and as a
source of reference material on the subject.

V. Mohan Malhotra

Nicholas J. Carino
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1
Surface Hardness

Methods*

1.1 Introduction
1.2 Indentation Methods

Testing Pistol by Williams · Spring Hammer by Frank ·
Pendulum Hammer by Einbeck 

1.3 Rebound Method
Rebound Hammer by Schmidt

1.4 Limitations
Smoothness of Surface under Test · Size, Shape, and Rigidity 
of Test Specimens · Age of Test Specimen · Surface and Internal 
Moisture Condition of the Concrete · Type of Coarse Aggregate 
· Type of Cement · Type of Mold · Carbonation of Concrete 
Surface

1.5 Rebound Number and Estimation 
of Compressive Strength

1.6 Rebound Number and Flexural Strength
1.7 Rebound Number and Modulus of Elasticity
1.8 North American Survey on the Use of the 

Rebound Hammer
1.9 Standardization of Surface Hardness Methods
1.10 Limitations and Usefulness

The chapter deals with surface hardness methods for nondestructive testing of concrete. These methods
consist of the indentation type and those based on the rebound principle. The rebound method is
described in detail, and a procedure is given for the preparation of correlation curves between compressive
strength and rebound number. The advantages and limitations of the surface hardness methods are
discussed. it is concluded that these methods must be regarded as substitutes for standard compression
tests, but as a means for determining the uniformity of concrete in a structure and comparing one
concrete against another.

1.1 Introduction

The increase in the hardness of concrete with age and strength has led to the development of test methods
to measure this property. These methods consist of the indentation type and those based on the rebound
principle. The indentation methods consist principally of impacting the surface of concrete by means of
a given mass having a given kinetic energy and measuring the width and or depth of the resulting

* ©Minister of Supply and Services Canada, 1989.

V. Mohan Malhotra
Department of Natural Resources 
Canada, Ottawa



indentation. The methods based on the rebound principle consist of measuring the rebound of a spring-
driven hammer mass after its impact with concrete.

1.2 Indentation Methods

According to Jones,1 the indentation methods originated in Germany in 1934 and were incorporated in
the German standards in 1935.2,3 The use of these methods has also been reported in the U.K.4 and the
USSR.5 There is little apparent theoretical relationship between the strength of concrete and its surface
hardness. However, several researchers have published empirical correlations between the strength prop-
erties of concrete and its surface hardness as measured by the indentation methods.

The three known historical methods based on the indentation principle are:

• Testing Pistol by Williams
• Spring Hammer by Frank
• Pendulum Hammer by Einbeck

1.2.1 Testing Pistol by Williams

In 1936 Williams4 reported the development of a testing pistol that uses a ball as an indenter. The diameter
of the impression made by the ball is measured by a graduated magnifying lens or other means. The
impression is usually quite sharp and well defined, particularly with concrete of medium and high
strength. The depth of indentation is only about 1.5 mm for concrete with compressive strengths as low
as 7 MPa.

The utility of the method according to Williams4 depends on the approximate relationship found to
exist between the compressive strength of concrete and the resistance of its surface to indentation during
impact.

Skramtaev and Leshchinszy5 have also reported the use of a pistol in the testing of concrete in the USSR.

1.2.2 Spring Hammer by Frank

The device developed by Frank consists of a spring-controlled mechanism housed in a tubular frame.
The tip of the hammer can be fitted with balls having different diameters, and impact is achieved by
placing the hammer against the surface under test and manipulating the spring mechanism. Generally
about 20 impact readings are taken at short distances from one another and the mean of the results is
considered as one test value. The diameter and/or depth of the indentation is measured, and this, in
turn, is correlated with the compressive strength of concrete.6 The spring mechanism can be adjusted to
provide an energy of 50 kg/cm or of 12.5 kg/cm so that the indentation on the concrete surface is within
0.3 to 0.7 times the diameter of the steel ball.

1.2.3 Pendulum Hammer by Einbeck

A line diagram of the pendulum hammer developed by Einbeck is given in Figure 1.1.6 The hammer
consists of horizontal leg, at the end of which is pivoted an arm with a pendulum head with a mass of
2.26 kg. The indentation is made by holding the horizontal leg against the concrete surface under test
and allowing the pendulum head to strike the concrete. The height of fall of the pendulum head can be
varied from full impact (180˚) to half impact (90˚). The diameter and depth of indentation are measured,
and these are correlated with the compressive strength of concrete.

The biggest drawback to this hammer is that it can be used only on vertical surfaces and is, therefore,
less versatile than the spring hammer by Frank. 



1.3 Rebound Method

1.3.1 Rebound Hammer by Schmidt

In 1948 a Swiss engineer, Ernst Schmidt,7–9 developed a test hammer for measuring the hardness of
concrete by the rebound principle. Results of his work were presented to the Swiss Federal Materials
Testing and Experimental Institute of Zurich, where the  hammer was constructed and extensively tested.
About 50,000 Schmidt rebound hammers had been sold by 1986 on a worldwide basis.

Principle — The Schmidt rebound hammer is principally a surface hardness tester with little apparent
theoretical relationship between the strength of concrete and the rebound number of the hammer.
However, within limits, empirical correlations have been established between strength properties and the
rebound number. Further, Kolek10 has attempted to establish a correlation between the hammer rebound
number and the hardness as measured by the Brinell method.

Description — The Schmidt rebound hammer is shown in Figure 1.2. The hammer weighs about 1.8
kg and is suitable for use both in a laboratory and in the field. A schematic cutaway view of the rebound
hammer is shown in Figure 1.3. The main components include the outer body, the plunger, the hammer
mass, and the main spring. Other features include a latching mechanism that locks the hammer mass to
the plunger rod and a sliding rider to measure the rebound of the hammer mass. The rebound distance
is measured on an arbitrary scale marked from 10 to 100. The rebound distance is recorded as a “rebound
number” corresponding to the position of the rider on the scale. 

Method of Testing — To prepare the instrument for a test, release the plunger from its locked position
by pushing the plunger against the concrete and slowly moving the body away from the concrete. This
causes the plunger to extend from  the body and the latch engages the hammer mass to the plunger rod
(Figure 1.3A). Hold the plunger perpendicular to the concrete surface and slowly push the body toward

FIGURE 1.1  Vertical elevation and plan of Einbeck pendulum hammer. (Adapted from Reference 6.)

FIGURE 1.2  Schmidt rebound hammer.
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the test object. As the body is pushed, the main spring connecting the hammer mass to the body is
stretched (Figure 1.3B). When the body is pushed to the limit, the latch is automatically released, and
the energy stored in the spring propels the hammer mass toward the plunger tip (Figure 1.3C). The mass
impacts the shoulder of the plunger rod and rebounds. During rebound, the slide indicator travels with
the hammer mass and records the rebound distance (Figure 1.3D). A button on the side of the body is
pushed to lock the plunger in the retracted position, and the rebound number is read from the scale.

The test can be conducted horizontally, vertically upward or downward, or at any intermediate angle.
Due to different effects of gravity on the rebound as the test angle is changed, the rebound number will
be different for the same concrete and will require separate calibration or correction charts.

Correlation Procedure — Each hammer is furnished with correlation curves developed by the man-
ufacturer using standard cube specimens. However, the use of these curves is not recommended because
material and testing conditions may not be similar to those in effect when the calibration of the instrument
was performed. A typical correlation procedure is given below.

1. Prepare a number of 150 300-mm cylinders* covering the strength range to be encountered on
the job site. Use the same cement and aggregates that are to be used on the job. Cure the cylinders
under standard moist-curing room conditions,** keeping the curing period the same as the spec-
ified control age in the field.

2. After capping, place the cylinders in a compression-testing machine under an initial load of
approximately 15% of the ultimate load to restrain the specimen. Ensure that cylinders are in a
saturated surface-dry condition.

3. Make 15 hammer rebound readings, 5 on each of 3 vertical lines 120˚ apart, against the side surface
in the middle two thirds of each cylinder. Avoid testing the same spot twice. For cubes, take five
readings on each of the four molded faces without testing the same spot twice.

4. Average the readings and call this the rebound number for the cylinder under test.***

5. Repeat this procedure for all the cylinders. 

FIGURE 1.3  A cutaway schematic view of the Schmidt rebound hammer.

*In countries where a cube is the standard specimen, use 150-mm cube specimens.
**Temperature 73.4 ± 3˚F (23 ± 1.7˚C) and 100% relative humidity.
***Some erratic rebound readings may occur when a test is performed directly over an aggregate particle or an air

void. Accordingly, the outliers should be discarded and ASTM C 805 has a procedure for discarding these test results.
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6. Test the cylinders to failure in compression and plot the rebound numbers against the compressive
strengths on a graph.

7. Fit a curve or a line by the method of least squares.

A typical curve established by Zoldners11 for limestone aggregate concrete is shown in Figure 1.4. This
curve was based on tests performed at 28 days using different concrete mixtures.

Figure 1.5 shows four calibration curves obtained by research workers in four different countries.10 It
is important to note that some of the curves deviate considerably from the curve supplied with the
hammer. 

FIGURE 1.4  Relationship between 28-day compressive strength and rebound number for limestone aggregate con-
crete obtained with Type N-2 hammer. (Adapted from Reference 13.)

FIGURE 1.5  Correlation curves obtained by different investigators with a Schmidt rebound hammer Type N-2.
Curve by Greene was obtained with Type N. (Adapted from Reference 5.)
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To gain a basic understanding of the complex phenomena involved in the rebound test, Akashi and
Amasaki12 have studied the stress waves in the plunger of a rebound hammer at the time of impact.
Using a specially designed plunger instrumented with strain gauges, the authors showed that the impact
of the hammer mass produces a large compressive wave i and large reflected stress wave r at the
center of the plunger. The ratio r/ i of the amplitudes of these waves and the time T between their
appearance was found to depend upon the surface hardness of hardened concrete. The rebound number
was found to be approximately proportional to the ratio of the two stresses, and was not significantly
affected by the moisture condition of the concrete. A schematic diagram of the equipment used for
observing stress waves is shown in Figure 1.6, and Figure 1.7 is an oscilloscope trace of the impact
stresses in the plunger showing the initial and reflected waves. From their research, the authors
concluded that to correctly measure the rebound number of hardened concrete, the Schmidt hammer
should be calibrated by testing a material with a constant hardness and measuring the resulting impact
stress waves. Thus, by measuring the impact waves in the plunger, the surface hardness of concrete
can be measured with a higher accuracy. A typical relationship between the rebound number R and
stress r/ i is shown in Figure 1.8.

FIGURE 1.6  Schematic diagram of the equipment used for observing stress waves. (Adapted from Reference 12.)

FIGURE 1.7  Oscilloscope trace of stress waves in the test plunger when testing concrete. (Adapted from Reference
12.)
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1.4 Limitations

Although the rebound hammer provides a quick, inexpensive means of checking the uniformity of
concrete, it has serious limitations and these must be recognized. The results of the Schmidt rebound
hammer are affected by:

1. Smoothness of test surface
2. Size, shape, and rigidity of the specimens
3. Age of test specimens
4. Surface and internal moisture conditions of the concrete
5. Type of coarse aggregate
6. Type of cement
7. Type of mold
8. Carbonation of the concrete surface

These limitations are discussed in the foregoing order.

1.4.1 Smoothness of Surface under Test

Surface texture has an important effect on the accuracy of the test results. When a test is performed on
a rough textured surface, the plunger tip causes excessive crushing and a reduced rebound number is
measured. More accurate results can be obtained by grinding a rough surface to uniform smoothness
with a carborundum stone. it has been shown by Kolek10 and Greene13 that trowelled surfaces  or surfaces
made against metal forms yield rebound numbers 5 to 25% higher than surfaces made against wooden
forms. This implies that if such surfaces are to be used, a special correlation curve or correction chart
must be developed. Further, trowelled surfaces will give a higher scatter of individual results and,
therefore, a lower confidence in estimated strength.

1.4.2 Size, Shape, and Rigidity of Test Specimens

If the concrete section or test specimen is small, such as a thin beam, wall, 152-mm cube, or 150 300-
mm cylinder, any movement under the impact will lower the rebound readings. In such cases the member
has to be rigidly held or backed up by a heavy mass.

It has been shown by Mitchell and Hoagland14 that the restraining load for test specimens at which
the rebound number remains constant appears to vary with the individual specimen. However, the
effective restraining load for consistent results appears to be about 15% of the ultimate strength of 152

305-mm cylinders (Figure 1.9). Zoldners,11 Greene,13 and Grieb15 have indicated effective stresses of 1,

FIGURE 1.8  Stress ratio vs. rebound number. (Adapted from Reference 12.)
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1.7, and 2.0 MPa, respectively, and these are considerably lower than the 15% value obtained by Mitchell
and Hoagland.

1.4.3 Age of Test Specimen

Kolek10 has indicated that the rate of gain of surface hardness of concrete is rapid up to the age of 7 days,
following which there is little or no gain in the surface hardness; however, for a properly cured concrete,
there is significant strength gain beyond 7 days. It has been confirmed by Zoldners14 and Victor16 that for
equal strength, higher rebound values are obtained on 7-day-old concrete than on 28-day-old concrete. It
is emphasized that when old concrete is to be tested, direct correlations are necessary between the rebound
numbers taken on the structure and the compressive strength of cores taken from the structure.

The use of the Schmidt hammer for testing low-strength concrete at early ages, or where concrete
strength is less than 7 MPa, is not recommended because rebound numbers are too low for accurate
reading and the test hammer badly damages the concrete surface.14 Figure 1.10 shows blemishes caused
by rebound tests on surfaces of 8-h-old and 3-day-old concrete cylinders. 

FIGURE 1.9  Restraining load vs. rebound readings for 6 12-in. (152 305-mm) cylinders. (Adapted from
Reference 14.)

FIGURE 1.10  Eight-hour-old (left) and the three-day-old (right) specimens showing surface blemishes after
Schmidt hammer impact. (Adapted from Reference 14.)



1.4.4 Surface and Internal Moisture Condition of the Concrete

The degree of saturation of the concrete and the presence of surface moisture have a decisive effect on
the evaluation of test hammer results.11,16,17 Zoldners13 has demonstrated that well-cured, air-dried spec-
imens, when soaked in water and tested in the saturated surface-dried condition, show rebound readings
5 points lower than when tested dry. When the same specimens were left in a room at 70˚F (21.1˚C) and
air dried, they recovered 3 points in 3 days and 5 points in 7 days. Klieger et al.18 have shown that for a
3-year-old concrete differences up to 10 to 12 points in rebound numbers existed between specimens
stored in a wet condition and laboratory-dry samples. This difference in rebound numbers represents
approximately 14 MPa difference in compressive strength.

It is suggested that, whenever the actual condition of the field concrete or specimens is not known, it
would be desirable to presaturate the surface several hours prior to testing and use the correlation for
tests on saturated surface-dried specimens.

1.4.5 Type of Coarse Aggregate

It is generally agreed that the rebound number is affected by the type of aggregate used. According to
Klieger et al.,18 for equal compressive strengths, concretes made with crushed limestone coarse aggregate
show rebound numbers approximately 7 points lower than those for concretes made with gravel coarse
aggregate, representing approximately 7 MPa difference in compressive strength.

Grieb15 has shown that, even though the type of coarse aggregate used is the same, if it is obtained
from different sources different correlation curves would be needed. Figure 1.11 shows results of one
such study where four different gravels were used to make the concrete cylinders tested. At equal rebound
numbers, the spread in compressive strength among the correlation curves varied from 1.7 to 3.9 MPa.

Greene13 found that the use of the test hammer on specimens and structures made of lightweight
concrete showed widely differing results. For example, lightweight concrete made with expanded shale
aggregate yielded, at equal compressive strengths, different rebound numbers from concrete made with
pumice aggregate. But for any given type of lightweight aggregate concrete, the rebound numbers proved
to be proportional to the compressive strength.

FIGURE 1.11  Effect of gravel from different sources on rebound numbers of concrete cylinders. (Adapted from
Reference 15.)
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1.4.6 Type of Cement

According to Kolek,19 the type of concrete significantly affects the rebound number readings. High-
alumina cement concrete can have actual strengths 100% higher than those obtained using a correlation
curve based on concrete made with ordinary portland cement. Also, supersulfated cement concrete can
have 50% lower strength than obtained from the ordinary portland cement concrete correlation curves.

1.4.7 Type of Mold

Mitchell and Hoagland14 have carried out studies to determine the effect of the type of concrete mold
on the rebound number. When cylinders cast in steel, tin can, and paper carton molds were tested, there
was no significant difference in the rebound readings between those cased in steel molds and tin can
molds, but the paper carton-molded specimens gave higher rebound numbers. This is probably due to
the fact that paper molds withdraw moisture from the fresh concrete, thus lowering the water-cement
ratio at the surface and resulting in a higher strength. As the hammer is a surface hardness tester, it is
possible in such cases for the hammer to indicate an unrealistically high strength. It is therefore suggested
that if paper carton molds are being used in the field, the hammer should be correlated against the
strength results obtained from test cylinders cast in similar molds.

1.4.8 Carbonation of Concrete Surface

Surface carbonation of concrete significantly affects the Schmidt rebound hammer test results. The
carbonation effects are more severe in older concretes when the carbonated layer can be several milli-
meters thick and in extreme cases up to 20 mm thick.19 In such cases, the rebound numbers can be up
to 50% higher than those obtained on an uncarbonated concrete surface. Suitable correction factors
should be established in such cases, otherwise overestimation of concrete strength will result.

1.5 Rebound Number and Estimation of Compressive Strength

According to Kolek10 and Malhotra20,21 there is a general correlation between compressive strength of
concrete and the hammer rebound number. However, there is a wide degree of disagreement among
various researchers concerning the accuracy of the estimation of strength from the rebound readings and
the correlation relationship. Coefficients of variation for compressive strength for a wide variety of
specimens averaged 18.8% and exceeded 30% for some groups of specimens.7 The large deviations in
strength can be narrowed down considerably by developing a proper correlation curve for the hammer,
which allows for various variables discussed earlier. By consensus, the accuracy of estimation of com-
pressive strength of test specimens cast, cured, and tested under laboratory conditions by a properly
calibrated hammer lies between ±15 and ±20%. However, the probable accuracy of estimation of concrete
strength in a structure is ±25%.

Carette and Malhotra22 have investigated the within-test variability of the rebound hammer test at test
ages of 1 to 3 days and to the ability of the test to determine early-age strength development of concrete
for formwork removal purposes. The rebound tests were performed at 1, 2, and 3 days on plain concrete
slabs 300 1270 1220 mm in size. Also, companion cylinders and cores taken from the slabs were
tested in compression. The mixture proportioning data, and within-test variation for the rebound
hammer test and compression strength tests are shown in Tables 1.1 to 1.5. Boundy and Hondros23 have
suggested the use of the rebound hammer in conjunction with some method of accelerated curing to
provide a rapid and convenient method for estimating the expected strength and quality of concrete test
specimens. For in situ applications, Facaoaru24 has suggested combined methods based on rebound
number and pulse velocity measurements (see Chapter 5). 

From the analyses of the test data, the authors concluded that because of the large within-test variation,
the rebound hammer test was not a satisfactory method for predicting strength development of concrete
at early ages.



1.6 Rebound Number and Flexural Strength

Greene13 and Klieger et al.18 have established correlation relationships between the flexural strength of
concrete and the hammer rebound number. They have found that the relationships are similar to those
obtained for compressive strength, except that the scatter of the results is greater. Further, they found
that the rebound numbers for tests conducted on the top of finished surface of a beam were 5 to 15%
lower than those conducted on the sides of the same beam.

The effects of moisture condition and aggregate type on the flexural strength are similar to those found
for the compressive strength.

TABLE 1.1 Properties of Fresh and Hardened Concretea

Properties of Fresh Concrete Properties of Hardened Concrete

Mix Nominal Cement Density Slump Air Content Compressive Strength (MPa)b

No. Content, (kg/m3) (kg/m3) (mm) (%) 1 Day 2 Days 3 Days 28 Days

1 250 2345 75 5.5 10.4 17.2 19.2 26.5
2 300 2390 100 4.4 15.3 21.6 24.6 33.3
3 350 2410 145 3.3 20.1 24.8 26.1 34.5
4 350 2410 75 3.8 20.1 25.0 26.3 35.1

a Determined on 150 300-mm cylinders.
b From Reference 22.

TABLE 1.2 Summary of Compressive Strengtha and Rebound Hammer Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 1)

Average Standard Deviation Coefficient of Variation (%)

Test nb 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of cylinders
150 300-mm cylinders, MPa 3 10.4 17.2 19.2 0.39 0.25 0.14 3.80 1.48 0.73
100 200-mm cylinders, MPa 5 9.5 16.0 18.4 0.53 0.83 0.40 5.58 5.19 2.17

Compressive strength of cores
100 200-mm cores, MPa 3 11.1 16.9 18.3 0.57 0.36 0.17 3.21 3.38 0.92

Rebound hammer
Rebound number 20 15.1 20.5 22.2 2.49 1.93 2.60 16.49 9.43 11.74

a From Reference 22.
b Number of test determinations.

TABLE 1.3 Summary of Compressive Strengtha and Rebound Hammer Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 2)

Average Standard Deviation Coefficient of Variation (%)

Test nb 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of cylinders
150 300-mm cylinders, MPa 3 15.3 21.6 24.6 0.57 0.21 0.25 3.71 0.98 1.03
100 200-mm cylinders, MPa 5 14.2 20.8 24.1 0.46 0.71 0.61 3.24 3.41 2.54

Compressive strength of cores
100 200-mm cores, MPa 3 15.9 18.1 18.7 0 0 0.42 0 0 2.24

Rebound hammer
Rebound number 20 18.9 21.9 21.5 1.89 3.18 2.24 9.99 14.51 10.40

a From Reference 22.
b Number of test determinations.



1.7 Rebound Number and Modulus of Elasticity

Mitchell and Hoagland14 have attempted to correlate hammer rebound number with the modulus of
elasticity of the concrete specimens. The concluded that no generally valid correlation could be made
between the rebound number and the static modulus of elasticity; however, a satisfactory relationship
between the two might be possible if the hammer were to be calibrated for each individual type of
concrete.

Petersen and Stoll25 and Klieger26 have established an empirical relationship between dynamic* modulus
of elasticity and rebound number. They have shown that the relationships are affected by both moisture
condition and aggregate type in the same manner as for compressive and flexural strengths.

1.8 North American Survey on the Use of the Rebound Hammer

In the early 1980s, a survey of concrete testing laboratories in Canada and the United States revealed that
despite its limitations, the rebound hammer was the most often used nondestructive test method by
those surveyed.27

TABLE 1.4 Summary of Compressive Strengtha and Rebound Hammer Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 3)

Average Standard Deviation Coefficient of Variation (%)

Test nb 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of cylinders
150 300-mm cylinders, MPa 3 20.1 24.8 26.1 0.81 0.31 0.19 4.04 1.24 0.71
100 200-mm cylinders, MPa 5 18.8 25.8 28.1 0.50 1.03 0.60 2.65 3.98 2.14

Compressive strength of cores
100 200-mm cores, MPa 3 19.1 24.7 24.5 0.13 0.27 0.32 0.66 1.11 1.29

Rebound hammer
Rebound number 20 19.8 21.2 22.0 2.61 2.17 3.46 13.17 10.23 15.75

a From Reference 22.
b Number of test determinations.

TABLE 1.5 Summary of Compressive Strengtha and Rebound Hammer Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 4)

Average Standard Deviation Coefficient of Variation (%)

Test nb 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of cylinders
150 300-mm cylinders, MPa 3 20.1 25.0 26.3 0.53 0.58 0.31 2.64 2.31 1.17
100 200-mm cylinders, MPa 5 19.8 25.8 27.5 0.94 1.24 1.52 4.74 4.80 2.94

Compressive strength of cores
100 200-mm cores, MPa 3 19.7 20.6 21.6 0.16 0.82 0.63 0.81 4.00 2.94

Rebound hammer
Rebound number 20 19.9 21.3 20.2 2.46 1.79 1.87 12.37 8.36 9.29

a From Reference 22.
b Number of test determinations.

*Modulus of elasticity obtained by flexural vibration of a cylindrical or prismatic specimen.



1.9 Standardization of Surface Hardness Methods

The indentation methods, although once included in the German Standards, are no longer used in the
industry, and no major international standardization organization has issued any standards on the subject.
In contrast, the rebound method has won considerable acceptance, and standards have been issued both
by the ASTM and ISO and by several other countries for determining the rebound number of concrete.

ASTM Standard C 805 “Standard Test Method for Rebound Number of Hardened Concrete” was first
issued as a tentative test method in 1975 and adopted as a standard test method in 1979. The test method
has been revised periodically; the significance and use statement of the 2002 version of the standard is
as follows:28

5.1 This test method is applicable to assess the in-place uniformity of concrete, to delineate regions
in a structure of poor quality or deteriorated concrete, and to estimate in-place strength
development.

5.2 To use this test method to estimate strength requires establishing a relationship between strength
and rebound number. The relationship shall be established for a given concrete mixture and
given apparatus. The relationship shall be established over the range of concrete strength that
is of interest. To estimate strength during construction, establish the relationship by performing
rebound number tests on molded specimens and measuring the strength of the same or
companion molded specimens. To estimate strength in an existing structure, establish the
relationship by correlating rebound numbers measured on the structure with the strengths of
cores taken from corresponding locations. See ACI 228.1R for additional information on
developing the relationship and on using the relationship to estimate in-place strength.

5.3 For a given concrete mixture, the rebound number is affected by factors such as moisture
content of the test surface, the method used to obtain the test surface (type of form material
or type of finishing), and the depth of carbonation. These factors need to be considered in
preparing the strength relationship and interpreting test results.

5.4 Different hammers of the same nominal design may give rebound numbers differing from 1
to 3 units. Therefore, tests should be made with the same hammer in order to compare results.
If more than one hammer is to be used, perform tests on a range of typical concrete surfaces
so as to determine the magnitude of the differences to be expected.

5.5 This test method is not intended as the basis for acceptance or rejection of concrete because
of the inherent uncertainty in the estimated strength.

1.10 Limitations and Usefulness

The rebound hammer developed by Schmidt provides an inexpensive and quick method for nondestruc-
tive testing of concrete in the laboratory and in the field.

The limitations of the Schmidt hammer should be recognized and taken into account when using the
hammer. It cannot be overstressed that the hammer must not be regarded as a substitute for standard
compression tests but rather as a method for determining the uniformity of concrete in the structures,
and comparing one concrete against another. Estimation of strength of concrete by the rebound hammer
within an accuracy of ±15 to ±20% may be possible only for specimens cast, cured, and tested under
conditions similar to those from which the correlation curves are established.
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This chapter reviews the development of penetration resistance methods for testing concrete nondestruc-
tively. These are being increasingly used for quality control and strength estimation of in situ concrete.
Among the penetration techniques presently available, the most well known and widely used is the Windsor
probe test. The principle of this method, the test equipment and procedures, and the preparation of
calibration charts are described in detail. Factors affecting the variability of the test are discussed. Correla-
tions that have been developed between the Windsor probe test results and the compressive strength of
concrete are presented. A pin penetration test was developed in Canada for the purpose of determining safe
form removal times. The advantages, limitations, and applications of the penetration methods are outlined.
The chapter concludes with a list of pertinent references.

2.1 Introduction

Penetration resistance methods are based on the determination of the depth of penetration of probes
(steel rods or pins) into concrete. This provides a measure of the hardness or penetration resistance of
the material that can be related to its strength.
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The measurement of concrete hardness by probing techniques was reported by Voellmy1 in 1954. Two
techniques were used. In one case, a hammer known as Simbi was used to perforate concrete, and the
depth of the borehole was correlated to the compressive strength of concrete cubes. In the other technique,
the probing of concrete was achieved by Spit pins, and the depth of penetration of the pins was correlated
with the compressive strength of concrete

Apart from the data reported by Voellmy, there is little other published work available on these tests,
and they appear to have received little acceptance in Europe or elsewhere. Perhaps the introduction of
the rebound method around 1950 was one of the reasons for the failure of the above tests to achieve
general acceptance.

In the 1960s, the Windsor probe test system was introduced in the United States and this was followed
by the pin penetration test in Canada in the 1980s.

2.2 Probe Penetration Test System

Between 1964 and 1966. a device known as the Windsor probe was advanced for penetration testing of
concrete in the laboratory as well as in situ. The device was meant to estimate the quality and compressive
strength of in situ concrete by measuring the depth of penetration of probes driven into the concrete by
means of a powder-actuated driver. The development of this technique was the joint undertaking of the
Port of New York Authority, New York, and the Windsor Machinery Co., Connecticut. This development
was closely related to studies reported by Kopf.2 Results of the investigations carried out by the Port of
New York Authority were presented by Cantor3 in 1970. Meanwhile, a number of other organizations
had initiated exploratory studies of this technique,4–8 and a few years later, Arni9,10 reported the results
of a detailed investigation on the evaluation of the Windsor probe, while Malhotra11–13 reported the results
of his investigations on both 150 300-mm cylinders and 610 610 200-mm concrete slabs.

In 1972, Klotz14 stated that extensive application of the Windsor probe test system had been made in
investigations of in-place compressive strength of concrete and in determinations of concrete quality.
The Windsor probe had been used to test reinforced concrete pipes, highway bridge piers, abutments,
pavements, and concrete damaged by fire. In the 1970s, several U.S. federal agencies and state highway
departments reported investigations on the assessment of the Windsor probe for in situ testing of
hardened concrete.15–19 In 1984 Swamy and Al-Hamed20 in the U.K. published results of a study on the
use of the Windsor probe system to estimate the in situ strength of both lightweight and normal weight
concretes.

2.2.1 Principle

The Windsor probe, like the rebound hammer, is a hardness tester, and its inventors claim that the
penetration of the probe reflects the precise compressive strength in a localized area is not strictly true.21

However, the probe penetration relates to some property of the concrete below the surface, and, within
limits, it has been possible to develop empirical correlations between strength properties and the pene-
tration of the probe.

2.2.2 Description

The Windsor probe consists of a powder-actuated gun or driver (Figure 2.1), hardened alloy-steel probes,
loaded cartridges, a depth gauge for measuring the penetration of probes, and other related equipment.
The probes have a tip diameter of 6.3 mm, a length of 79.5 mm, and a conical point (Figure 2.2). Probes
of 7.9 mm diameter are also available for the testing of concretes made with lightweight aggregates. The
rear of the probe is threaded and screws into a probe-driving head, which is 12.7 mm in diameter and
fits snugly into the bore of the driver. The probe is driven into the concrete by the firing of a precision
powder charge that develops an energy of 79.5 m-kg. For the testing of relatively low-strength concrete,
the powder level can be reduced by pushing the driver head further into the barrel. 



2.2.3 Method of Testing

The method of testing is relatively simple and is given in the manual supplied by the manufacturer. The
area to be tested must have a brush finish or a smooth surface. To test structures with coarse finishes,
the surface first must be ground smooth in the area of the test. Briefly, the powder-actuated driver is
used to drive a probe into concrete. If flat surfaces are to be tested, a suitable locating template to provide
178-mm equilateral triangular pattern is used, and three probes are driven into the concrete, one at each
corner. The exposed lengths of the individual probes are measured by a depth gauge. The manufacturer
also supplies a mechanical averaging device for measuring the average exposed length of the three probes
fired in a triangular pattern. The mechanical averaging device consists of two triangular plates. The
reference plate with three legs slips over the three probes and rests on the surface of the concrete. The
other triangular plate rests against the tops of the three probes. The distance between the two plates,
giving the mechanical average of exposed lengths of the three probes, is measured by a depth gauge
inserted through a hole in the center of the top plate. For testing structures with curved surfaces, three

FIGURE 2.1  A view of the Windsor probe equipment. (A) Driver unit. (B) Probe for normal-weight concrete.
(C) Single probe template. (D) Calibrated depth gauge. (Adapted from Reference 11.)

FIGURE 2.2  A  view of probe for normal-weight concrete before and after assembly. (Adapted from Reference 11.)



probes are driven individually using the single probe locating template. In either case, the measured
average value of exposed probe length may then be used to estimate the compressive strength of concrete
by means of appropriate correlation data.

2.2.4 Correlation Procedure

The manufacturer of the Windsor probe test system has published tables relating exposed length of the
probe with compressive strength of concrete. For each exposed length value, different values for com-
pressive strength are given, depending on the hardness of the aggregate as measured by the Mohs scale
of hardness. The tables provided by the manufacturer are based on empirical relationships established
in his laboratory. However, investigations carried out by Gaynor,7 Arni,9 Malhotra,11–13 and several
others8,16,22–24 indicate that the manufacturer’s tables do not always give satisfactory results. Sometimes
they considerably overestimate the actual strength11,20–22 and in other instances they underestimate the
strength. It is, therefore, imperative for each user of the probe to correlate probe test results with the
type of concrete being used. Although the penetration resistance technique has been standardized, the
standard does not provide a procedure for developing a correlation. A practical procedure for developing
such a relationship is outlined below.

1. Prepare a number of 150 300-mm cylinders, or 150-mm cubes, and companion 600 600
200-mm concrete slabs covering a strength range that is to be encountered on a job site. Use the
same cement and the same type and size of aggregates as those to be used on the job. Cure the
specimens under standard moist-curing conditions, keeping the curing period the same as the
specified control age in the field.

2. Test three specimens in compression at the age specified, using standard testing procedure. Then
fire three probes into the top surface of the slab at least 150 mm apart and at least 150 mm from
the edges (Figure 2.3). If any of the three probes fails to properly penetrate the slab, remove it and
fire another. Make sure that at least three valid probe results are available, measure the exposed
probe lengths, and average the three results. 

3. Repeat the above procedure for all test specimens.
4. Plot the exposed probe length against the compressive strength, and fit a curve or line by the

method of least squares. The 95% confidence limits for individual results may also be drawn on
the graph. These limits will describe the interval within which the probability of a test result falling
is 95%.

A typical correlation curve is shown in Figure 2.4, together with the 95% confidence limits for individual
values. The correlation published by several investigators for concretes made with limestone gravel, chert,
and traprock aggregates are shown in Figure 2.5. Note that different relationships have been obtained
for concretes with aggregates having similar Mohs hardness numbers. 

2.3 Evaluation of the Probe Penetration Test

2.3.1 Mechanism of Concrete Failure

There is no rigorous theoretical analysis of the probe penetration test available. Such analysis may, in
fact, not be easy to achieve in view of the complex combinations of dynamic stresses developed during
penetration of the probe, and the heterogeneous nature of concrete. The test involves a given initial
amount of kinetic energy of the probe, which is absorbed during penetration, in large part through
crushing and fracturing of the concrete, and in lesser part through friction between the probe and the
concrete. 

Penetration of the probe causes the concrete to fracture within a cone-shaped zone below the surface
with cracks propagating up to the surface (Figure 2.6). Further penetration below this zone is, in large
part, resisted by the compression of the adjacent material, and it has been claimed25 that the Windsor



FIGURE 2.3  A view of the Windsor probe in operation: a 600 600 200-mm slab under test for correlation
purposes. (Adapted from Reference 21.)

FIGURE 2.4  Relationship between exposed probe length and 28-day compressive strength of concrete. (Adapted
from Reference 12.)
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probe test measures the compressibility of a localized area of concrete by creating a subsurface compaction
bulb. Further, it has been claimed that the energy required to break pieces of aggregate is a low percentage
of the total energy of the driven probe, and the depth of penetration is not significantly affected. However,
these claims have never been proven. 

Notwithstanding the extent to which the above claims may be true, it nevertheless appears clear that
the probe penetrations do relate to some strength parameter of the concrete below the surface, which
makes it possible to establish useful empirical relationships between the depth of penetration and
compressive strength.

2.3.2 Correlations between Probe Test Results and Compressive Strength

The usefulness of the probe penetration test lies primarily upon its being able to establish sufficiently accurate
relationships between probe penetration and compressive strength. A factor, long recognized, that affects

FIGURE 2.5  Relationship between exposed probe length and 28-day compressive strength of concrete as obtained
by different investigators. (Adapted from References 8, 9, and 12.)

FIGURE 2.6  Typical failure of mature concrete during probe penetration.
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this relationship is the hardness of the coarse aggregate, and this is taken into account in the correlation
tables provided by the equipment manufacturer. However, as previously mentioned, the use of the manu-
facturer’s tables has been found by several investigators not to be satisfactory. This is probably because
factors other than aggregate hardness, which also affect probe penetration, have not been considered.

There appears to have been no systematic attempts to determine the relative influences of these factors
that could affect the probe penetration test results. However, it is generally agreed that the largest influence
comes from the coarse aggregate. Apart from its hardness, the type and size of coarse aggregate used
have been reported to have a significant effect on probe penetration.9,20,23 The considerable differences
shown in Figure 2.5 between correlations obtained by various investigators tend to support the important
influence of the aggregate type. However, other parameters such as mixture proportions, moisture
content, curing engine, and surface conditions are likely to have affected these correlations to some extent,
and could explain some of the observed differences.

Other significant parameters that may also affect the accuracy of the probe penetration-strength
relationships include the degree of carbonation and the age of concrete.4,20,21 Carbonation may change
the physical and chemical characteristics of concrete through a substantial depth below the surface, and
can clearly have an important influence on the depth of penetration of the probe. On the other hand,
the age of concrete has been found20 to considerably affect the accuracy of strength prediction in some
instances. In particular, for very old concrete, the probe test may indicate higher strength than actually
exists in the structure. It has been suggested that the higher values may be related to microcracking
between the aggregates and the paste, which affects compressive strength but not probe penetration.26

Similarly, the stress history of concrete has been identified as a potential factor influencing the relationship
between probe penetration and in situ strength.27 This is due to the cracking from service loading again
affecting the cylinder strength test, but not affecting the probe penetration test.

In view of the above, when the probe penetration test is to be used for strength estimation, it is
advisable to prepare a correlation curve based on the particular type of concrete to be investigated.
Further, any other factors that may limit the accuracy of the correlation, such as factors related to
particular testing conditions, would need to be recognized and taken into account in the use of these
correlation curves.

2.3.3 Variability of the Probe Penetration Test

The within-batch variability in the probe test results as obtained by various investigators is shown in
Table 2.1. Variability is reported in terms of standard deviations and coefficients of variation with values
in the latter case being calculated from the exposed probe readings, although more correctly, they should
be based on the embedded lengths of the probe. These data show that for concrete with a maximum size
of aggregate of 19 mm, a typical value for the within-test coefficient of variation (based on depth of
penetration) is about 5%.28 Statistically, for such concrete, the minimum number of individual penetra-
tion tests required to ensure that the average penetration is known with the same degree of confidence
as the average standard cylinder strength (assuming a coefficient of variation of 4% based on two
cylinders) would be three. This number, however, would not ensure that the in situ strength is known
with the same degree of confidence, since, obviously, the above within-test coefficient of variation for
the probe penetration test does not take into account the uncertainty of the correlation relationship,
which also affects the reliability of the estimated strength. 

In general, the within-batch variability of probe penetration tests can be attributed partly to operator
and equipment errors, and partly to the heterogeneous nature of concrete. In the former case, the operator
error has been reported to be generally minimal, and the variations come rather from the test equipment.
For example, the variations may be due to the degree of precision achieved in measuring the length of
the exposed portion of the probe. In this regard, it has been suggested that the development of more
accurate devices for measuring exposed probe length could possibly reduce the within-test variations.29

On the other hand, the heterogeneous nature of concrete, which on a macro-scale can be regarded as
the result of phases such as coarse aggregate and air-voids distributed in the mortar matrix, is likely the



major contributor to variations in the probe test results. In particular, the random distribution of larger
size aggregates tends to magnify the effect of heterogeneity over the relatively small area affected by the
test, and it has indeed been shown that the variability of the probe penetration test increases with an
increase in the maximum size of aggregates.9 As already mentioned, the effect of the aggregate hardness
on the probe penetration is generally well recognized. However, its effect on the variability of the results
has not been made clear. Some investigations have indicated a possible increase of variability with harder
aggregates.22 In their investigations, Swamy and Al-Hamed20 have observed a slightly higher variability
of the exposed probe length readings for normal weight aggregate concrete than for lightweight aggregate
concrete.

2.3.4 Variations in the Estimated Strength Values

Although the variability of the probe penetration test provides a useful index of precision for the test, it
is however the magnitude of variation in the strength values estimated from the probe readings which
provides a basis for the interpretation of the probe test results. The uncertainty in the estimated strength
is a function of both the variability of the penetration measurements, and the degree of sensitivity of the
penetration test in detecting small changes in strength. There is relatively little information concerning
the variability of the estimated strength, though there has been mention of its being relatively large.3,30

It can nevertheless be readily demonstrated from typical correlations developed by various investigators
(Figure 2.5) that variations in probe readings of the order shown in Table 2.1 would correspond to
variabilities in strength significantly larger than those normally observed with the standard cylinder test.
For the proper interpretation of the probe test results, it is, therefore, necessary to make use of statistical

TABLE 2.1 Within-Batch Standard Deviation and Coefficient of Variation of Probe Penetration Measurements

Investigation
Reported by

Type of 
Aggregate Used

Maximum 
Aggregate 
Size (mm)

Type of 
Specimens

Tested

Total
Number
of Probes

Number
of 

Probes
per Test

Age of 
Test

(days)

Average
Standard 
Deviation 

(mm)

Average
Coefficient of 

Variation
(%)a

Arni (Ref. 9) Gravel, limestone, 
trap rock

50 410 510
200-mm slabs

136 9 3, 7, 14, 
and 28

3.62 7.1

25 410 510
200-mm slabs

198 9 3, 7, 14, 
and 28

2.66 5.4

Malhotra 
(Ref. 11)

Limestone 19 152 305-mm
cylinders

20 2 7 and 28 3.14 7.7

19 610 610
200-mm slabs

48 3 7 and 28 1.37 3.4

Gravel 19 150 150
1690-mm
prisms

28 2 35 1.57 3.4

19 610 610
200-mm slabs

48 3 7 and 28 2.21 5.5

Gaynor 
(Ref. 7)

Quartz 25 150 580
1210-mm walls

384 16 3 and 91 4.05 —

Semi-lightweight 
expanded shale 
as coarse 
aggregate

25 150 580
1210-mm walls

256 9 3 and 91 4.30 —

Carette, 
Malhotra 
(Ref. 29)

Limestone 19 300 1220
1220-mm slabs

72 6 1, 2, 
and 3

2.52 8.3 (5.4)

Keiller
(Ref. 22)

Limestone, gravel 19 250 300
1500-mm
prisms

45 3 7 and 28 1.91 3.5

a Based on exposed length of the probe, except for the value in parentheses, which is based on depth of penetration.



procedures that do take into account the variability of the penetration readings, and the uncertainty of
the correlation relationship.28

2.3.5 Nondestructive Nature of the Probe Penetration Test

The probe penetration test is generally considered as nondestructive in nature; however, this is not exactly
true. The probe leaves a minor disturbance on a very small area with an 8-mm hole in the concrete for
the depth of penetration of the probe. In the case of mature concrete, there is also around the probe a
cone-shaped region where the concrete may be heavily fractured, and which may extend to the depth of
probe penetration.

This damage would be of little consequence if testing were being carried out on the side of a wall that
is to be backfilled or on a foundation slab that is to be covered. However, on an exposed face the damage
would be unsightly. The probes would have to be removed and the surface patched at added cost. The
test may be considered nondestructive to the extent that concrete can be tested in situ, and the strength
of structural members is not affected significantly by the test.

2.3.6 Use of the Probe Penetration Test for Early Form Removal

An increasingly important area of the application of nondestructive techniques is in the estimation of
early-age strength of concrete for the determination of safe form removal times.

Relatively little information has been published in regard to the performance of the probe penetration
test at early ages. However, by the late 1970s, it had been reported that the probe penetration test was
probably the most widely used nondestructive method for the determination of safe stripping times.18

One main advantage cited was the great simplicity of the test: “One simply fires the probes into the
concrete and compares penetration to previously established criteria. If the probes penetrate too far, the
contractor knows the concrete is not yet strong enough.”

Carette and Malhotra29 have investigated in the laboratory the within-test variability at the ages of 1
to 3 days of the probe penetration test, and the ability of the test to indicate the early-age strength
development of concrete for formwork removal purposes. The penetration tests were performed at 1, 2,
and 3 days on plain concrete slabs of 300 1220 1220 mm, along with compression tests on standard
cylinders and cores taken from the slabs. The mixture proportioning data along with the probe penetra-
tion and strength results are shown in Tables 2.2 to 2.6. Excellent correlations between compressive
strength and probe penetration were observed at these ages for each concrete. From the analysis of the
test data, the authors concluded that unlike the rebound method, the probe penetration test can estimate
the early-age strength development of concrete within a reasonable degree of accuracy, and thus can be
applied to determine safe stripping times for the removal of formwork in concrete constructions. 

TABLE 2.2 Properties of Fresh and Hardened Concretea

Properties of Fresh Concrete
Properties of Hardened Concrete 

Compressive Strengtha (MPa)

Mixture 
No.

Nominal Cement 
Content (kg/m3)

Density
(kg/m3)

Slump
(mm)

Air Content 
(%) 1 Day 2 Days 3 Days 28 Days

1 250 2345 75 5.5 10.4 17.2 19.2 26.5
2 300 2390 100 4.4 15.3 21.6 24.6 33.3
3 350 2410 145 3.3 20.1 24.8 26.1 34.5
4 350 2410 75 3.8 20.1 25.0 26.3 35.1

a Determined on 150 300-mm cylinders.
Source: Reference 29.



2.3.7 Probe Penetration Test vs. Core Testing

The determination of the strength of concrete in a structure may become necessary when standard
cylinder strength test results fail to comply with specified values, or the quality of the concrete is being
questioned because of inadequate placing or curing procedures. It may also be required in the case of
older structures where changes in the quality of the concrete are being investigated. In these instances,
the most direct and common method of determining the strength of concrete is through drilled core
testing; however, some nondestructive techniques such as the probe penetration test have been gaining
acceptance as a means to estimate the in situ strength of concrete.18,31

TABLE 2.3 Summary of Compressive Strength and Windsor Probe Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 1)

Average Standard Deviation Coefficient of Variation (%)

Test na 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of 
cylinders

150 300-mm
cylinders, MPa

3 10.4 17.2 19.2 0.29 0.25 0.14 3.80 1.48 0.73

100 200-mm
cylinders, MPa

5 9.5 16.0 18.4 0.53 0.83 0.40 5.58 5.19 2.17

Compressive strength of 
cores

100 200-mm cores, 
MPa

3 11.1 16.9 18.3 0.36 0.57 0.17 3.21 3.38 0.92

Penetration resistance 
(Windsor probe)

Exposed length of 
probe, mm

6 17.9 29.0 33.1 2.12 3.69 2.20 11.84 12.72 6.65

Embedded length of 
probe, mm

61.5 50.4 46.3 2.12 3.69 2.20 3.45 7.32 4.76

a Number of test determinations.
Source: Reference 29.

TABLE 2.4 Summary of Compressive Strength and Windsor Probe Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 2)

Average Standard Deviation Coefficient of Variation (%)

Test na 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of 
cylinders

150 300-mm cylinders, 
MPa

3 15.3 21.6 24.6 0.57 0.21 0.25 3.71 0.98 1.03

100 200-mm cylinders, 
MPa

5 14.2 20.8 24.1 0.46 0.71 0.61 3.24 3.41 2.54

Compressive strength of 
cores

100 200-mm cores, MPa 3 15.9 18.1 18.7 0 0 0.42 0 0 2.24
Penetration resistance 

(Windsor probe)
Exposed length of probe, 

mm
6 29.1 33.2 38.0 2.21 2.05 2.78 7.59 6.17 7.32

Embedded length of 
probe, mm

50.3 46.2 41.4 2.21 2.85 2.78 4.39 4.44 6.71

a Number of test determinations.
Source: Reference 29.



It has been claimed that the probe penetration test is superior to core testing and should be considered
as an alternative to the latter for estimating the compressive strength of concrete.25 It is true that the
probe test can be carried out in a matter of minutes, whereas cores, if from exposed areas and if they
have to be tested in accordance with ASTM C 42-87, must be soaked for 40 h;32 also, the cores may have
to be transported to a testing laboratory, causing further delay in getting the results. However, the
advantages of the probe penetration test should be judged against the precision of its test results, and
the following statement by Gaynor7 should be of interest in this regard:

Based on these tests, the probe system does not supply the accuracy required if it is to replace
conventional core tests. However, it will be useful in much the same manner that the rebound hammer

TABLE 2.5 Summary of Compressive Strength and Windsor Probe Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 3)

Average Standard Deviation Coefficient of Variation (%)

Test na 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of 
cylinders

150 300-mm cylinders, 
MPa

3 20.1 24.8 26.1 0.81 0.31 0.19 4.04 1.24 0.71

100 200-mm cylinders, 
MPa

5 18.8 25.8 28.1 0.50 1.03 0.60 2.65 3.98 2.14

Compressive strength of cores
100 200-mm cores, MPa 3 19.1 24.7 24.5 0.13 0.27 0.32 0.66 1.11 1.29

Penetration resistance 
(Windsor probe)

Exposed length of probe, 
mm

6 23.2 34.1 36.3 2.64 1.78 2.48 11.38 5.22 6.83

Embedded length of probe, 
mm

56.2 45.3 43.1 2.64 1.78 2.48 4.70 3.93 5.76

a Number of test determinations.
Source: Reference 29.

TABLE 2.6 Summary of Compressive Strength and Windsor Probe Test Results at Ages 1, 2, and 3 Days 
(Mixture No. 4)

Average Standard Deviation Coefficient of Variation (%)

Test na 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days 1 Day 2 Days 3 Days

Compressive strength of 
cylinders

150 300-mm cylinders, 
MPa

3 20.1 25.0 26.3 0.53 0.58 0.31 2.64 2.31 1.17

100 200-mm cylinders, 
MPa

5 19.8 25.8 27.5 0.94 1.24 1.52 4.74 4.80 2.94

Compressive strength of 
cores

100 200-mm cores, MPa 3 19.7 20.6 21.6 0.16 0.82 0.63 0.81 4.00 2.94
Penetration resistance 

(Windsor probe)
Exposed length of probe, 

mm
6 31.8 36.5 38.3 3.43 3.28 1.64 10.79 8.99 4.28

Embedded length of 
probe, mm

47.6 42.9 41.1 3.43 3.28 1.64 7.21 7.65 3.99

a Number of test determinations.
Source: Reference 29.



is useful. In these tests, neither the probe system nor the rebound hammer provides precise quantitative
estimates of compressive strength of marginal concretes. Both should be used to locate areas of relatively
low- or relatively high-strength concretes in structures.

On the other hand, it has been shown by Malhotra and Painter12 that the standard error of estimate of
28 day compressive strength of concrete cylinders is of the same order for both the probe and the core
tests. More recently, Swamy and Al-Hamed20 have compared the results of the probe penetration test and
core strength tests, and examined how these related to the results of the standard wet-cube strength test.
Their work was carried out on slabs of 1800 890 125 mm, and on 50-mm cores and 100-mm cubes,
and covered both normal-weight and lightweight concretes. One of their conclusions was that the probe
system, as a general method of nondestructive testing, estimated the wet-cube strength better than the
small diameter cores at ages up to 28 days while the cores estimated the strength of older concrete better,
particularly in the lower range of strength.

Carette and Malhotra29 have also observed that, at early ages, probe penetration test results showed
better correlation with standard cylinder strengths than with core strengths. This was attributed by the
investigators to the variations in the temperature history of the large test slabs used.

It must be stressed that in cases where standard cylinder or cube strength is strictly the parameter
of interest because of the specifications being expressed primarily in these terms, the core test which
provides a direct measure of compressive strength clearly remains the most reliable means of estimating
in situ strength. In many situations, however, it has been found possible to establish, within certain
limits of material composition and testing conditions, relationships between probe penetration and
strength that are accurate enough so that the probe test can be used as a satisfactory substitute for the
core test.31

2.3.8 Probe Penetration Test vs. Rebound Hammer Test

Both the probe penetration test and the rebound hammer test provide means of estimating the relative
quality of concrete under investigation. Correlations between the rebound numbers and the exposed
probe lengths as obtained by Malhotra and Painter12 are shown in Figure 2.7. Because the probe can
penetrate up to about 50 mm in concrete, the probe penetration results are more meaningful than the
results of the rebound hammer, which is a surface hardness tester only. Because of the greater penetration
in concrete, the probe test results are influenced to a lesser degree by surface moisture, texture, and
carbonation effects.4 However, size and distribution of coarse aggregate in the concrete affect the probe

FIGURE 2.7  Relationship between rebound number and exposed length of probe. (Adapted from Reference 12.)



test results to a much greater degree than those obtained by the rebound hammer. Where cost is a critical
factor, the above advantages of the probe penetration test may be offset by a higher initial cost of the
equipment compared with the rebound hammer, and the recurring expenses for the probes. Both tests
damage the concrete surface to varying degrees. The rebound hammer leaves surface blemishes on young
concrete, whereas the probe leaves a hole 8 mm in diameter for the depth of the probe and may cause
minor cracking. 

2.3.9 North American Survey on the Use of the Probe Penetration Test

In the early 1980s, a survey of concrete testing laboratories in Canada and the United States indicated
that the Windsor probe penetration technique was the second most often used method for in situ strength
testing of concrete.28 The survey included methods such as rebound hammer, probe penetration, pullout,
pulse velocity, maturity, and cast-in-place cylinder. In terms of reliability, simplicity, accuracy, and
economy, the probe test was given one of the best combined ratings.

2.3.10 Advantages and Disadvantages of the Probe Penetration Test

The probe penetration test system is simple to operate, rugged and needs little maintenance except for
occasional cleaning of the gun barrel. The system has a number of built-in safety features that prevent
accidental discharge of the probe from the gun. However, wearing of safety glasses is required. In the
field, the probe penetration test offers the main advantages of speed and simplicity, and that of requiring
only one surface for the test. Its correlation with concrete strength is affected by a relatively small number
of variables which is an advantage over some other methods for in situ strength testing.

However, the probe test has limitations that must be recognized. These limitations include minimum
size requirements for the concrete member to be tested. The minimum acceptable distance from a test
location to any edges of the concrete member or between two given test locations is of the order of 150
to 200 mm, while the minimum thickness of the members is about three times the expected depth of
penetration. Distance from reinforcement can also have an effect on depth of probe penetration especially
when the distance is less than about 100 mm.27

As previously indicated, the uncertainty of the estimated strength value, in general, is relatively large
and the test results may lack the degree of accuracy required for certain applications. The test is limited
to a certain range of strength (<40 MPa), and the use of two different power levels to accommodate a
larger range of concrete strength within a given investigation complicates the correlation procedures.
Finally, as noted above, the test causes some minor damage to the surface, which generally needs to be
repaired.

2.4 Pin Penetration Test

In the late 1980s, Nasser and Al-Manaseer33,34 reported the development of a simple pin penetration test
for the determination of early-stage strength of concrete for removal of concrete formwork. Briefly, this
apparatus consists of a device that grips a pin having a length of 30.5 mm, a diameter of 3.56 mm and
a tip machined at an angle of 22.5° (Figure 2.8). The pin is held within a shaft, which is encased within
the main body of the tester. The pin is driven into the concrete by a spring, which is mechanically
compressed when the device is prepared for a test. The spring is reported to have a stiffness of 49.7 N/
mm and stores about 10.3 N · m of energy when compressed. 

When ready for testing, the apparatus is held against the surface of concrete to be tested, and a triggering
device is used to release the spring forcing the pin into the concrete. Following this, the apparatus is
removed, and the small hole created in the concrete is cleared by means of an air blower. A dial gauge
is then inserted in the pin hole to measure the penetration depth.

A typical correlation between the pin penetration (depth of the hole) and the compressive strength of
concrete is shown in Figure 2.9. 



The test, although simple in concept, has limitations. The pin penetrates only a small depth into the
concrete, and therefore the results can be seriously affected by the conditions of the material at the surface.
For a similar reason, the variability of the test, for which no documentation is yet available, is expected to
be relatively large. The tests results are invalid when an aggregate particle is struck. The simplicity of the

FIGURE 2.8  Diagram of pin penetration testing apparatus. (Adapted from Reference 33.)

FIGURE 2.9  Relationship between pin penetration and compressive strength of concrete. (Adapted from Reference
33.)
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test makes it possible to obtain as many readings as necessary at little extra cost, and this could somewhat
overcome some of the variations in the test results. The equipment is rather heavy for field use, and because
of the nature of the spring mechanism, cannot be used for concrete with strength greater than about 30
MPa. Calibration of the equipment is important and its frequent verification may be necessary.

2.5 Standardization of Penetration Resistance Techniques

ASTM Committee C-9 initiated the development of a standard for penetration resistance testing in 1972
and a tentative test method covering probe penetration was first issued in 1975. A standard test method
designated ASTM C 803 “Penetration Resistance of Hardened Concrete” was later issued in 1982. In
1990, the method was revised by the addition of the pin penetration method.33 The significance and use
statement of the 2003 version of the test method is as follows:35

5.1 This test method is applicable to assess the uniformity of concrete and to delineate zones of
poor quality or deteriorated concrete in structures.

5.2 This test method is applicable to estimate in-place strength, provided that a relationship has
been experimentally established between penetration resistance and concrete strength. Such a
relationship must be established for a given test apparatus (see also 9.1.5), using similar concrete
materials and mixture proportions as in the structure. Use the procedures and statistical
methods in ACI 228.1R for developing and using the strength relationship.

NOTE 1 — Since penetration results may be affected by the nature of the formed surfaces (for
example, wooden forms versus steel forms), correlation testing should be performed on specimens
with formed surfaces similar to those to be used during construction. Additional information on
the factors affecting penetration test results and summaries of past research are available.

5.3 Steel probes are driven with a high-energy, powder-actuated driver, and probes may penetrate
some aggregate particles. Probe penetration resistance is affected by concrete strength as well
as the nature of the coarse aggregate. Steel pins are smaller in size than probes and are driven
by a low energy, spring-actuated driver. Pins are intended to penetrate the mortar fraction
only; therefore, a test in which a pin strikes a coarse aggregate particle is disregarded.

5.4 This test method results in surface damage to the concrete, which may require repair in exposed
architectural finishes.

2.6 Limitations and Usefulness of Penetration Resistance 
Methods

Penetration resistance methods are basically hardness methods, and like other hardness methods, should
not be expected to yield absolute values of strength of concrete in a structure. However, like surface
hardness tests, penetration tests provide an excellent means of determining the relative strength of
concrete in the same structure, or relative strengths in different structures without extensive correlation
with specific concretes. The probe penetration test can also be used to estimate strength of concrete in
situ, however this requires accurate correlations. The correlation curves provided by the test equipment
manufacturer do not appear to be satisfactory. It is, therefore, recommended for each user of the probe
equipment to prepare his own correlation curves for the type of concrete under investigation. The test
is particularly sensitive to certain characteristics of the aggregate and with a change in source of aggregates,
the establishment of new correlations become mandatory.
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3.6 Concluding Remarks

The pullout test measures the force needed to extract an embedded insert from a concrete mass. By using
a previously established relationship, the measured ultimate pullout load is used to estimate the in-place
compressive strength of the concrete. This chapter reviews the history of the development of this test
method, including the various analytical studies conducted to understand the underlying failure mech-
anism for the test. Statistical characteristics of the method, such as within-test variability and the nature
of the correlation with compressive strength, are discussed. It is shown that the characteristics of the
coarse aggregate play an important role in the statistical properties of the test. Some of the requirements
of the ASTM standard on the pullout test are discussed, and recommendations for developing correlation
relationships and interpreting tests results are presented. The chapter concludes with a review of test
methods that can be performed on existing construction.

3.1 Introduction

The pullout test measures the force required to pull an embedded metal insert with an enlarged head
from a concrete specimen or a structure. Figure 3.1 illustrates the configuration of a pullout test. The
insert is pulled by a loading ram seated on a bearing ring that is concentric with the insert shaft. The
bearing ring transmits the reaction force to the concrete. As the insert is pulled out, a conical-shaped
fragment of concrete is extracted from the concrete mass. The idealized shape of the extracted conic
frustum is shown in Figure 3.1. Frustum geometry is controlled by the inner diameter of the bearing
ring (D), the diameter of the insert head (d), and the embedment depth (h). The apex angle (2 ) of the
idealized frustum is given by 

  (3.1)

*Contribution of the National Institute of Standards and Technology and not subject to copyright in the United
States.
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The pullout test is used during construction to estimate the in-place strength of concrete to help decide
whether critical activities such as form removal, application of post-tensioning, or termination of cold
weather protection can proceed. Because the compressive strength is usually required to evaluate struc-
tural safety, the ultimate pullout load measured during the in-place test is converted to an equivalent
compressive strength by means of a previously established relationship.

Unlike some other tests used to estimate the in-place strength of concrete, the pullout test subjects
the concrete to a slowly applied load and measures an actual strength property of the concrete. The
concrete is subjected, however, to a complex three-dimensional state of stress, and the pullout strength
is not likely to be related simply to uniaxial strength properties. Nevertheless, by use of a previously
established correlation, the pullout test can be used to make reliable estimates of in-place strength.

The purpose of this chapter is to provide basic and practical information about the pullout test. The
chapter begins with a brief historical review of the developments leading to the current test method. This
is followed by discussions of the failure mechanism and the statistical characteristics of the test. The
chapter concludes with a discussion of practical matters in the application of the test.

3.2 Historical Background

3.2.1 Development in the Former Soviet Union

The earliest known description of the pullout test method was reported by Skramtajew1 of the Central
Institute for Industrial Building Research in the former Soviet Union. His article reviewed a variety of
proposed methods to measure the in-place strength of concrete. One of these methods involved embed-
ding a rod with a spherical end into the fresh concrete and measuring the force required to extract the
rod from the hardened concrete. The method was reportedly developed simultaneously by two engineers,
Volf and Gershberg. Volf ’s insert was described as follows:1

The rod is of steel, its overall length is 48 mm, of which 38 mm are embedded in concrete, its throat
diameter is 8 mm, and the diameter of the spherical end — 12 mm.

Figure 3.2 shows the geometry of the rod based on this description and the sketches provided in Reference
1. The insert was attached to the formwork by a screw. At the time of test, the holding screw was removed,
an eyebolt was screwed into the insert, a mechanical jack was attached, and the rod was extracted. 

Skramtajew noted that when the rod was pulled, the concrete was subjected to tensile and shear stresses
and failure occurred by pulling out a cone of concrete with an apex angle of approximately 90 . In this
test the bearing plate of the jack was sufficiently large so that it did not interfere with concrete fracture
during pullout of the cone. The large diameter of the extracted cone was reported to be between 100

FIGURE 3.1  Schematic of the pullout test.
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and 120 mm. The exact geometries of the extracted cones were not described, but it is assumed that they
were similar to that shown in Figure 3.2. 

It was reported1 that, for concrete strengths less than about 10 MPa (1500 psi), there was nearly a
constant ratio between ultimate pullout load and the compressive strength of companion cubes. The
ratios of ultimate pullout load to cube strength varied between 9% of the average value. Skramtajew
concluded that the pullout test had the advantages of simplicity, availability, and precision. The disad-
vantages included the need to attach the inserts to formwork at planned locations and the need to repair
the holes created by the test. He concluded, however, that the advantages were so significant that the
method should be used widely.

3.2.2 Development in the United States

Six years after the publication of Skramtajew’s paper, Tremper2 became the first American to report
research results of pullout tests. To simplify fabrication of the inserts, a cylindrical head was used rather
than a spherical head as in the Soviet design. Figure 3.3 shows the approximate dimensions of Tremper’s
insert. The shoulder of the enlarged head was machined at a 45 angle. The bearing ring had a diameter
of 152 mm (6 in.). According to Tremper:2

Failure occurred by the formation of a cone 4 to 6 in. in diameter extending to a point about midway
in the length of the enlarged end. 

FIGURE 3.2  Configuration of first pullout test developed by Volf.1

FIGURE 3.3  Configuration of pullout test developed by Tremper. 2
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The approximate shape of the failure cone, based on this description, is shown in Figure 3.3. Because of
the large diameter, the bearing ring did not interfere with the failure cone. Hence, Tremper’s test was
similar to the earlier Soviet test.

Tremper did pullout tests on prisms and companion compression tests on cylinders. Six concrete
mixtures were used, and the compressive strength varied between about 6 to 40 MPa (1000 to 6000 psi).
Five mixtures were made with rounded gravel, and the sixth mixture was made with 50% crushed gravel
and 50% rounded gravel. The nominal maximum aggregate size was 30 mm (1-1/4 in.).

At each test age, Tremper performed five replicate pullout tests and five replicate compression tests.
Figure 3.4 shows the average test results. Over the complete range of concrete strength, the relationship
between compressive strength and ultimate pullout load is not linear. The equation of the nonlinear
relationship is shown in Figure 3.4. For concrete with a compressive strength below 20 MPa (3000 psi),
Tremper used a straight line to approximate the relationship as shown in Figure 3.4. An important
observation in Figure 3.4 is that the data for the five concrete mixtures made with gravel appear to obey
the same relationship. The concrete with 50% crushed gravel appears, however, to have higher pullout
strength for the same level of compressive strength. Thus, as early as 1944, there was evidence that the
ultimate pullout load was influenced by the characteristics of the coarse aggregate.

Tremper found that the within-test coefficient of variation of the pullout tests was 9.6% while that for
the cylinder tests was 8.4%.* Thus he concluded that the pullout strength could be measured with as
much precision as the cylinder strength. A seen in Figure 3.4, data scatter about the correlation curve
increased for compressive strength above 25 MPa (3500 psi). As a final conclusion, Tremper stated:2

Data from laboratory tests indicate that the pull-out test can be applied to concrete in structures with
less error in estimating actual compressive strengths that are not above about 3500 psi than is often
obtained through the use of test cylinders.

Despite Tremper’s encouraging results, the use of the pullout test did not gain acceptance. Only after the
work of Kierkegaard-Hansen in Denmark and that of Richards in the United States did the pullout test
become recognized as a useful field technique.

3.2.3 Danish Test (Lok-Strength)

In 1962, Kierkegaard-Hansen3 initiated a research program to determine the optimum geometry for the
pullout test so that it could be performed in the field with simple equipment and so that there would
be a high correlation between ultimate pullout load and compressive strength. The results of his work
led to the widely used test system known as the LOK-TEST. Kierkegaard-Hansen’s work is reviewed in
detail because it is useful to understand the reasoning used to establish the values of the embedment
depth, insert head diameter, and bearing ring diameter for this test system. 

According to Kierkegaard-Hansen, the embedment depth should be sufficient to assure that more than
the outermost “skin” of the concrete is tested and that some coarse aggregates is included within the
failure cone. This would favor deep embedment. With increasing embedment, however, the force required
to pullout the insert would increase, leading to bulky testing equipment and increasing the damage to
the structure. Based on these factors, an embedment depth of 25 mm (1 in.) was chosen arbitrarily.

Kierkegaard-Hansen performed a series of pilot tests to establish the optimum diameters for the insert
head and bearing ring. Figure 3.5 shows the test configuration used in these pilot tests. Because a suitable
tension loading system did not exist, a laboratory compression testing machine was used to apply the
load. The insert was extracted by applying a compressive load to the bottom of the embedded disk, as
shown in Figure 3.5. In this configuration, the pullout test can also be considered a punching-type test.
The Danish word for punching is lokning. Hence, Kierkegaard-Hansen called the quantity measured by
the test the “lok-strength” rather than the pullout strength. 

*By today’s standards, a coefficient of variation of 8.4% for the strength of laboratory-prepared cylinders would
be considered unusually high.



In the first series of tests, the head diameter was varied from 20 to 40 mm (0.79 to 1.57 in.). For these
tests, a large-diameter bearing ring was used so that the failure cone formed within the ring. He observed
that the failure surface was not the idealized conic frustum shown in Figure 3.1. Instead, the extracted
fragment was “trumpet-shaped”; i.e., the inclination of the fracture surface, with respect to the load
direction, increased with increasing distance from the insert. It was found that the pullout strength
increased about 1% for each 1 mm increase in diameter. The insert head diameter was chosen arbitrarily
to be 25 mm (1 in.).

The next series of pilot tests examined the relationship between compressive strength and ultimate
pullout load. A bearing ring with a diameter of 130 mm (5.1 in.) was used. For this large diameter, failure
occurred within the bearing ring, and the test was analogous to the earlier tests of Volf and Tremper. The
compressive strength ranged from about 10 to 45 MPa (1500 to 6500 psi). In agreement with Tremper,
Kierkegaard-Hansen found that the relationship between ultimate pullout load and compressive strength
was nonlinear, and he stated:3

It follows from this that the stress field in the rupture surface cannot be equal to the stress field
occurring during crushing of cylinders. 

The relationship had a shape similar to that of tensile strength vs. compressive strength. It was
concluded that, for a large bearing ring, the pullout strength is likely to be related to the concrete
tensile strength. Because of the nonlinear relationship, test sensitivity decreased with increasing
strength of concrete; i.e., large changes in compressive strength resulted in small changes in pullout
strength (see Figure 3.4). Thus, Kierkegaard-Hansen decided to examine the effects of reducing the
bearing ring diameter. Here is where the modern pullout test improved upon the earlier tests of Volf
and Tremper.

As the ring diameter decreases, the fracture surface area decreases. It was reasoned that the ultimate
pullout load would also decrease unless the presence of the ring alters the state of stress, in which case
it could increase. Hence, in the next series of pilot tests, Kierkegaard-Hansen examined the relationship
between ring diameter and ultimate pullout load. The ring diameter was varied between 130 and 50 mm
(5.1 and 2.0 in.). He found that the ultimate pullout load increased gradually as the diameter decreased
from 130 mm (5.1 in.) to about 80 mm (3.1 in.). As the diameter was reduced further, the ultimate
pullout load increased rapidly. After these pilot tests were completed, a loading apparatus was developed
for applying a tensile load to the insert as depicted in Figure 3.1.

The new loading apparatus was used to examine further the relationship between bearing ring diameter
and pullout strength. For the next series of tests, the pullout strength was expressed as a stress by dividing
the ultimate pullout load by the area of the idealized conic frustum defined by the embedment depth,

FIGURE 3.4  Compressive strength and pullout force results reported by Tremper.2
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insert head diameter, and bearing ring diameter. For reasons not clearly stated, Kierkegaard-Hansen
concluded that the optimum bearing ring diameter should be 55 mm (2.2 in.).*

After establishing the dimensions of the pullout test, Kierkegaard-Hansen studied the relationship
between ultimate pullout load and compressive strength. The results of these studies are discussed in a
subsequent section.

In 1970, Kierkegaard-Hansen obtained a U.S. patent** for “A Method for Testing the Strength of Cast
Structures, Particularly Concrete Structures,” which described a pullout testing device composed of an
embedded disk (called a “piston” in the patent), a pull rod, and a bearing ring. Specific dimensions of
the test system were not given except that the apex angle of the conic frustum should be “at least about 60 .”

3.2.4 U.S. Test by Richards

In the early 1970s, Richards of the United States obtained a U.S. patent*** on a pullout test system similar
to Kierkegaard-Hansen’s. One of the differences was that Richards’ insert (described as a “shank” in the
patent) consisted of an enlarged head that was integral with the insert shaft (see Figure 3.1). The patent
did not recommend an apex angle for the idealized conic frustum.

Rutenbeck4 was the first to report the results of work based on Richards’ ideas. In these early studies,
the insert shaft was made from 19-mm (3/4 in.) threaded steel rod, and the insert head was formed by
a steel washer brazed to a nut screwed onto the rod. The insert head diameter (d) was 57 mm (2.25 in.),
the depth of embedment (h) was 53 mm (2.08 in.), and the bearing ring diameter (D) was 127 mm (5
in.). The apex angle for this configuration was 67 . A similar insert was used in evaluations by Malhotra.5,6

Richards’ early test configuration produced a conic frustum with a surface area of about 18,320 mm2

(28.4 in.2), which is about five times greater than the surface area of Kierkegaard-Hansen’s system. The
author believes that Richards chose this size so that the conic surface area would be approximately equal
to the cross-sectional area of a 152 305-mm (6 12-in.) cylinder. Because of the large dimensions, the
test equipment was bulky and not suited for field applications.

FIGURE 3.5  Testing configuration for pilot tests by Kierkegaard-Hansen. (Adapted from Reference 3.)

*For a ring diameter of 55 mm, the correlation between ultimate pullout load and compressive strength was such
that the pullout load expressed in kilonewtons was about the same number as the compressive strength of the concrete
expressed in MPa. Thus, if the ultimate pullout load was 20 kN, the compressive strength would be about 20 MPa.
(Note that in Figure 3.4 there is similar numerical relationship between pullout load (in lb) and compressive strength
(in psi) at the lower strength range.)

**U.S. patent 3,541,845, November 24,1970.
***U.S. patent 3,595,072, July 27, 1971.
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In 1977, Richards7 reported on a smaller, machine-produced insert with a head diameter and embed-
ment depth of 30 mm (1.18 in.). The bearing ring diameter was 70 mm (2.75 in.), thereby preserving a
67 apex angle. Richards’ new configuration has a fracture surface that is about 50% greater than that
of Kierkegaard-Hansen. These two pullout test configurations are compared in Figure 3.6. The shaft of
Richards’ insert is integral with the head. The pullout force is applied through a rod screwed into the
shaft. On the other hand, Kierkegaard-Hansen’s insert has a removable shaft, and a high strength pull-
rod is screwed into the head for load application.

3.2.5 Modifications by Kaindl

In 1975, Kaindl of Austria obtained a U.S. patent* (with Richards as assignee) describing an assortment
of modifications to the basic pullout test system. Some of these included screens placed around the insert
head to exclude coarse aggregates from the failure surface. The objective was to reduce test variability by
excluding coarse aggregate from the failure zone. These screens have not found widespread application.

Other modifications included the use of compressible pads to permit pullout testing without removing
forms or to permit testing deep within the structure. Figure 3.7 shows some of these modifications as
used by Richards.7 The configuration in Figure 3.7A would be used to perform a pullout test deep within
a structural member. The plastic disk is used to define the large diameter of the conic frustum, and the
compressible pad allows pullout of the conical fragment. The configuration in Figure 3.7B would be used
to perform a pullout test without having to remove formwork. There is no bearing ring in these config-
urations. There are few data on the performance of these modified pullout tests. 

3.2.6 Summary

The ideas for the modern pullout tests go back to a Soviet test described in 1938. This test, and the later
test by Tremper, did not use a bearing ring, and the ultimate pullout load was believed to be controlled
by the tensile strength of the concrete. As a result, the correlation between pullout strength and com-
pressive strength was found to be nonlinear. In 1962, Kierkegaard-Hansen improved upon the original

FIGURE 3.6  Comparison of pullout test configurations and examples of extracted conic frustums.

*U.S. patent  3,861,201, January 21, 1975.

55 mm

25 mm

25 mm

62°

30 mm

70 mm

30 mm

A  Kierkegaard-Hansen B Richards

70°



idea by introducing a bearing ring. This modification resulted in a failure cone with a well-defined
geometry and he reported a linear correlation between pullout strength and compressive strength (over
the strength range used). The apex angle in Kierkegaard-Hansen’s test was 62 . Later, Richards introduced
a similar pullout test to North America, but he suggested an apex angle of 67 .

3.3 Failure Mechanism

The pullout test subjects the concrete to static load. Therefore, it should be possible to calculate the
internal stresses in the concrete and to predict the onset of cracking and the ultimate pullout load. This
is desirable so that the ultimate pullout load could be related to the uniaxial strength properties of
concrete. Unfortunately, the stress distribution is not easy to calculate, the state of stress is altered by the
presence of coarse aggregate particles, and the fundamental failure criterion for concrete is not completely
understood. This section reviews various theories about the failure mechanism for the pullout test. It
will be shown that there is no consensus on this point.

3.3.1 Qualitative Explanations

In his paper, Skramtajew1 noted:

In this case concrete is simultaneously in tension and shear, the generating lines of the cone running
approximately at an angle of 45 degrees to the vertical.

Thus, from the beginning it was recognized that the pullout test subjects the concrete to a complex state
of stress. Figure 3.8 is a freebody diagram of the idealized conic frustum extracted during a pullout test.
The pullout force (P) is resisted by normal ( ) and shearing stresses ( ) acting on the frustum surface.
The normal stress acts perpendicular to the surface and is a tensile stress, while the shearing stress acts
parallel to the surface in the direction shown. The vertical components of these stresses multiplied by
the surface area (A) produce a vertical force to counteract the applied pullout force. Assuming that these
stresses are uniformly distributed on the failure surface, one can show that 

(3.2)

FIGURE 3.7  Techniques suggested by Richards for (A) performing a pullout test deep within a structure and (B)
performing a surface pullout test without removing forms.
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(3.3)

The surface area of the frustum is calculated as follows:

(3.4)

where
D = bearing ring diameter
d = insert head diameter
h = embedment depth

In his patent disclosure, Kierkegaard-Hansen made the following statement about the failure cones:

[T]he fracture faces attain substantially the same shape as one half of the well known hour-glass-
shaped fracture faces, which are produced in compressive strength tests of cylindrical specimens.

This implies that the cones of the pullout test are related to the end cones typically observed during the
testing of cylinders, and this was offered as an explanation for the correlation between pullout strength
and compressive strength. This explanation is incorrect because the cones are formed due to entirely
different factors. In the pullout test, the cone is extracted from the concrete mass under the action of the
applied pullout force. In the compression test, the cones represent intact concrete that is prevented from
failing due to triaxial compressive stresses introduced by friction between the cylinder and the solid
loading platens.8

Malhotra and Carette6 calculated a “pullout strength” by dividing the ultimate pullout load by the
surface area of the idealized frustum. The pullout test geometry developed by Richards was used (apex
angle = 67 ). The ratio of this pullout strength to the compressive strength of companion cylinders or
cores varied from 0.24 to 0.18, as the compressive strength varied from about 20 MPa (2900 psi) to 52
MPa (7500 psi). These ratios were similar to the reported ratios of shear strength to compressive strength
obtained from triaxial tests.9 Therefore, it was suggested that the pullout strength may be related to the
direct shear strength of concrete. The criticism to this analysis is that the calculated “pullout strength”
is not really a stress because the pullout force is inclined to the surface of the frustum. Dividing the
pullout force by the surface area results in neither a normal stress nor a shearing stress. The author
believes that the “pullout strength” was found to be approximately 20% of the compressive strength
because of the particular value of the apex angle recommended by Richards, rather than because of an
inherent relationship between shear strength and pullout strength. In addition, the so-called “direct shear”
strengths in Reference 9 were obtained by assuming a straight line envelope to the Mohr’s circles of failure
stresses under triaxial loading.10 These computed direct shear strengths are recognized as larger than the
true shear strength of concrete.9

In summary, these qualitative explanations do not provide insight into the actual failure mechanism
during a pullout test.

FIGURE 3.8  Freebody diagram showing normal and shearing stresses acting on failure surface of idealized frustum.
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3.3.2 Analytical Studies

3.3.2.1 Rigid-Plastic Analysis

Jensen and Braestrup11 presented the first analytical study that attempted to provide a theoretical basis
for the existence of a linear relationship between ultimate pullout load and compressive strength. They
assumed that concrete obeys the modified Mohr Coulomb failure theory (sliding or separation possible)
and that the extracted cone has the shape of the idealized conic frustum. The analysis assumed “rigid-
plastic” behavior and that the normal and shearing stresses were distributed uniformly on the failure
surface. It was concluded that, if the friction angle of the concrete equals one-half of the apex angle and
if the tensile strength is a constant fraction of the compressive strength, there is a proportional relationship
between the ultimate pullout load and compressive strength. The analysis has been criticized as not
providing a true behavioral prediction because the conclusions are a direct result of the underlying
assumptions rather than from a rigorous assessment of the true behavior during the test.12–14

3.3.2.2 Nonlinear Finite Element Analysis

In 1981, Ottosen was the first to use the finite-element method to analyze the state of stress and to attempt
to determine the failure mechanism of the pullout test.15 He used nonlinear material models, a three-
dimensional failure criterion, and a smeared cracking approach to follow the progression of failure with
increasing pullout load. The pullout test geometry developed by Kierkegaard-Hansen was used. The
analysis considered the concrete a homogenous material, i.e., the presence of individual coarse aggregate
particles was not modeled.

A significant finding of Ottosen’s analysis was that, at about 65% of the ultimate load, a series of
circumferential cracks had developed extending from the edge of the insert head to the bearing ring.
Despite the circumferential cracks, additional load could be sustained by a highly stressed narrow band,
or “strut,” extending from the insert head to the bearing ring. Ultimate failure was attributed to “crushing,”
or compressive failure, of the concrete within this strut. Ottosen concluded that this was the reason for
the good correlation between pullout strength and compressive strength.

Ottosen’s analysis demonstrated that the pullout test subjects the concrete to a highly nonuniform,
triaxial state of stress. Within the compression strut, Ottosen found that the state of stress was predom-
inantly biaxial-compression “occasionally superposed by small tensile stresses.”15 Because of the tensile
stresses, Ottosen concluded that the tensile strength of concrete had a secondary influence on the ultimate
pullout load. He showed that, because the ratio of tensile strength to compressive strength decreases with
increasing strength of concrete, the ratio of pullout strength to compressive strength would be expected
to decrease for increasing concrete strength. This would explain the previous observations of Malhotra
and Carette6 and Richards.7

Yener and Vajarasathira16 performed a plastic fracture analysis using the finite element method.
Cracking was assumed to occur perpendicular to the direction of maximum tensile strain. “Crushing”
failure was defined to occur if the maximum strain was compressive when an element cracked. It was
noted that the high shearing stresses within the region between the insert head and bearing ring cause
high tensile stresses, which result in circumferential cracking that defines the eventual failure surface.
The analysis predicted that circumferential cracking began to form at the corner of the insert head at
about 25% of the ultimate load. The circumferential crack propagated toward the bearing ring, but
was arrested by high compressive stresses at about 50% of ultimate load. Another crack initiated at
the corner of the insert head and propagated toward the bearing ring, so that at 70% of the ultimate
load the trumpet-shaped frustum was completely formed. At this stage, the frustum was prevented
from pulling out completely by frictional resistance due to high radial compressive stresses acting at
the juncture of the frustum and the main body, just below the bearing ring perimeter. Additional load
could be applied until crushing occurred around the perimeter of the frustum. Thus, while the crack
patterns were similar to those in Ottosen’s analysis, a different ultimate load carrying mechanism was
hypothesized. 



3.3.2.3 Linear-Elastic Finite Element Analysis

Stone and Carino17 also performed finite-element analyses for pullout tests with apex angles of 54 and
70 . Because their analyses were linear-elastic, the results are applicable only until the formation of cracks.
In agreement with Ottosen, Stone and Carino found that the pullout test subjects the concrete to a
complex three-dimensional state of stress. High compressive stresses exist within the “strut” region
between the bearing ring and insert head. Figure 3.9 shows the principal stress trajectories for the two
test configurations that were analyzed (because of symmetry only one-half of the specimens are shown).
For the 70 apex angle, there is close agreement between the compressive stress trajectories and the
trumpet-shaped fracture surface observed in the companion test specimen.12 Note that the principal
tensile stresses act perpendicular to the compressive stress trajectories. For the 54 apex angle, the
compressive stress trajectories and failure surface are less curved. The agreement between the directions
of the stress trajectories and the shape of the failure surface led Stone and Carino to conclude that tensile
strength is likely to play a greater role in the pullout test than was proposed by Ottosen.

The nonuniformity of the stresses along the idealized conic frustum is illustrated in Figure 3.10, which
shows the variation of the principal stresses for the 70 apex angle at about 20% of the ultimate load.17

There are very high tensile and compressive stresses at the edge of the insert head due to the stress
concentration effect at the sharp corner. The tensile stresses decrease with distance from the insert head
and become compressive near the bearing ring. The compressive stresses are high near the insert head
and near the bearing ring, and they are nearly uniform in the middle region of the idealized frustum.
Thus, in contrast to Ottosen’s conclusion, the frustum is subjected to significant tensile stresses. 

3.3.2.4 Fracture Mechanics Analysis

Another finite-element analysis used the principles of nonlinear fracture mechanics to gain an under-
standing of the failure mechanism.18 This analysis used a discrete cracking model with special elements
to represent the behavior of cracked concrete. The pullout test configuration had the following geometry:
D = 61 mm (2.4 in.); d = h = 25.4 mm (1 in.); and apex angle (2 ) = 70 .

The nonlinear, fracture mechanics analysis revealed that two crack systems develop during the course
of the pullout test. The first (primary) crack is a circumferential crack that initiates at the edge of the
insert head and propagates into the concrete at angle of about 60 with the load axis. The first crack
begins at a low pullout load because of the large tensile stress concentration at the insert head (Figure
3.10), and it is arrested as it penetrates a region of low tensile stress below the bearing ring. Tensile and
shearing stresses continue to be carried across the first crack because of the small crack-opening dis-
placement. According to the analysis, the formation of the first crack results in high tensile stresses in
the region between the insert head and the bearing ring. Thus, a second (or secondary) crack initiates
at a point between the insert head and bearing ring, and it propagates in two directions toward the ring
and the insert head.

FIGURE 3.9  Tension and compression stress trajectories before formation of cracks and the approximate shape of
the conic frustums after ultimate load.17
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Figure 3.11 shows the deformed shape (highly exaggerated) of the finite-element model after the second
crack has propagated toward the ring and insert head. It is apparent that the second crack defines the
shape of the conical fragment that is eventually extracted from the concrete. The ultimate load could not
be determined in the analysis because the computer program would not permit the formation of a crack
at the highly compressed node at the corner of the bearing ring. It was postulated that the failure surface
would be formed completely by cracking of the final ligament between the insert head and the secondary
crack tip. This final crack propagation would be primarily a shear failure along a surface inclined at a
small angle to the load axis.

The results of the analysis were compared with experimental crack patterns observed in sectioned
pullout test specimens that had been loaded to various fractions of ultimate strength.18 For example,
Figure 3.12 shows the crack pattern in a specimen loaded to ultimate pullout load. The primary (first)
and secondary (second) crack systems are clearly visible, and it is seen that the crack trajectory at the
insert head is nearly parallel to the load axis. This figure also shows that the trumpet-shaped failure
surface is completely formed; yet the conic frustum is not separated from the base concrete. The reason
for this behavior is explained in the next section. 

Ballarini et al.19 reported on the results of a linear-elastic fracture analysis of a two-dimensional (as
opposed to axisymmetric) pullout test. A perfectly elastic, brittle material was assumed. Some of the
conclusions of their analysis are as follows: 

• Cracking begins at the edge of the insert as a tensile crack (as opposed to shearing).
• Initial cracking begins at an angle of about 75 with respect to the load axis, and the initial cracking

is stable.

With increasing load, the crack propagates toward the bearing ring at a decreasing angle with respect
to the load axis.

Experiments using mortar specimens and different pullout configurations verified the analytical pre-
dictions. It was found that, by expressing ultimate load in terms of fracture toughness, differences between
the correlations for various test configurations were greatly reduced. Although not directly applicable to
actual pullout tests, this study provided some insight into the crack propagation process. 

FIGURE 3.10  Variation of principal stresses along a line extending from insert head to bearing ring (70 apex
angle).17

1.00.80.60.40.20.0

1

Relative Distance – Insert to Ring

S
tr

es
s 

(M
P

a)

P

σc

σt

σc

σt

0

-1

-2

-3

-4



3.3.3 Experimental Studies

Compared with extensive experimental work to establish the nature of the correlation between pullout
strength and compressive strength, there has been relatively little experimental work on the failure
mechanism. Two of the notable studies were the large-scale tests performed at the National Bureau of
Standards (NBS — in 1988, the name was changed to the National Institute of Standards and Technology,
NIST), and the microcracking study at the Denmark Technical University. 

3.3.3.1 Large-Scale Tests

Stone and Carino performed large-scale pullout tests to gain an understanding of the failure mecha-
nism.12,17 The pullout test geometry was scaled up from conventional tests by a factor of about 12 so that
strain gauges could be embedded in the concrete to measure strain distributions during the test. Two
specimens were tested having apex angles of 54 and 70 .

By analyzing the strain gauge readings as a function of pullout load, Stone and Carino concluded that
the failure sequence comprised three phases:12

Phase I: Initiation of circumferential cracking at the edge of the insert head at about 1/3 of the ultimate
load

Phase II: Completion of circumferential cracking, from the insert head to the bearing ring, at about
2/3 of the ultimate load

Phase III: Shear failure of the matrix (mortar) and degradation of aggregate interlock beginning at about
80% of the ultimate load

FIGURE 3.11  Deformed shape of finite element model showing the primary and secondary cracks. (Adapted from
Reference 18.)

FIGURE 3.12  Internal cracking in pullout test loaded to ultimate load.

Bearing
Ring

Insert Head

Second Crack

First Crack

Reaction

Pullout
Force

Reaction

Bearing
Ring

Insert Head

Second
Crack

First
Crack



These phases are illustrated in Figure 3.13. Thus, Stone and Carino proposed that aggregate interlock
is the ultimate load-carrying mechanism and that the ultimate load is reached when the coarse aggregates
bridging the failure surface are pulled out of the mortar. 

Figure 3.14 is a simple model of concrete to illustrate how aggregate interlock permits load to be
carried across a crack. The model consists of a round aggregate particle embedded in a matrix and a
crack passing through the matrix and around the aggregate particle. In Figure 3.14A, the relative dis-
placement of the two halves of the model is perpendicular to the crack. In this case, there is no interference
between the matrix and the aggregate particle. Therefore, force cannot be transmitted across the crack.

FIGURE 3.13  Failure sequence based on NBS large-scale pullout tests.12

FIGURE 3.14  Model to illustrate aggregate interlock mechanism during pullout test.
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In Figure 3.14B, the relative displacement of the two halves of the model is inclined to the crack. In this
case, there is interference between the matrix and the aggregate, and a force can be transmitted across
the crack. In the pullout test, the displacement condition is similar to Figure 3.14B. This model justifies
Stone and Carino’s assertion12 that additional load can be applied to the insert even though there is a
circumferential crack from the insert head to the bearing ring. 

If the aggregate interlock mechanism were to govern the ultimate pullout load, Stone and Carino
argued that for a homogenous matrix (no aggregate) the ultimate load would be reached when the
circumferential crack extended from the insert head to the bearing ring. Verification of this hypothesis
was provided by pullout tests in concrete and in mortar, in which the displacement of the insert head
was measured as a function of the pullout load.20 Figure 3.15 compares the load-displacement histories
for pullout tests (apex angle = 62 ) in concrete and in mortar. The pullout load has been normalized by
dividing by the product of the compressive strength of companion cylindrical specimens and the area of
the idealized conic frustum. At small loads, the load-displacement response is linear. At about 1/3 of the
ultimate load, the response deviates from linearity as the circumferential crack propagates between the
head and bearing ring. When the circumferential crack is formed completely, there is a marked difference
between the responses of the concrete and mortar specimens. In the mortar, there is no aggregate interlock
and the load drops abruptly. On the other hand, for the concrete there is a large increase in head
displacement with no increase in load. Then the load begins to increase until the maximum load is
reached. Beyond the ultimate load, the load decreases gradually with increasing head displacement. Thus,
the pullout test in the concrete behaves in a more “ductile” manner than the test in the mortar. The
behavior in Figure 3.15 is consistent with the aggregate interlock mechanism.

Ottosen15 stated that the observed ductile failure mode of the pullout test was due to compressive
failure of the concrete. The aggregate interlock mechanism provides an alternative explanation for this
ductile behavior. Ottosen15 noted that when a pullout cone is extracted, “crushed materials are observed,
aggregates as well as cement paste.” In addition, for low-strength concrete the failure surface of the cone
consists of “fish scale layers.” These observations were cited as further evidence that compressive failure
occurs. These observations are, however, also consistent with the aggregate interlock mechanism. The
“crushed material” could result from pullout of aggregate particles bridging the circumferential crack.
The “fish scale” could be due to cracking of the matrix as the aggregate particles are pulled out, rather
than due to parallel cracks associated with compressive failure.

3.3.3.2 Microcracking Analysis

Krenchel and Shah21 loaded pullout inserts to predetermined fractions of the expected ultimate load.
The specimens were unloaded, cut in half, and prepared for examination of microcracks. They also
monitored acoustic emissions (AE) during the tests.

FIGURE 3.15  Load vs. insert head displacement for pullout tests in concrete and mortar specimens.20
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Based on the microcracking analysis, Krenchel and Shah concluded that the pullout test involves two
circumferential crack systems. There is a stable primary crack that begins at the insert head at about 30%
of the peak load and propagates to a point below the bearing ring at an apex angle between 140 and
160 . There is a secondary system that becomes fully developed after the peak load and defines the shape
of the extracted cone. The existence of two crack systems agrees with the independent analytical results
of Hellier et al.18 There is disagreement, however, regarding when the secondary system develops. Hellier
et al. claim that it develops before the peak load, while Krenchel and Shah state that it becomes fully
developed after the peak load. Krenchel and Shah reported that specimens unloaded from the peak load
showed no surface cracking at the bearing ring. This would support their claim. Some of the figures in
Reference 21 appear, however, to show a fully developed secondary crack at loads less than the peak.

Krenchel and Shah observed that the start of AE activity coincided with the limit of proportionality
of the load vs. insert displacement curve, and this was interpreted as the initiation of the first (primary)
crack. AE activity increased gradually as the load approached the peak value and increased dramatically
thereafter.

Upon review of the various analytical and experimental investigations that had been conducted,
Krenchel and Bickley concluded that the failure mechanism of the pullout test involves the following
stages22 (Figure 3.16):

Stage 1 — At a load of about 30 to 40% of the ultimate, “tensile cracks” originate at the corner of the
insert head and propagate into the concrete for a distance of 15 to 20 mm (0.6 to 0.8 in.) forming
an apex angle between 100 and 135 (Figure 3.16A). This cracking concentrates subsequent
straining of the concrete so that “all load is taken up in the truncated zone” between the insert
head and the bottom of the bearing ring.

Stage 2 — A large number of stable microcracks develop in the truncated zone. These cracks run from
the top of the insert head to the bottom of the bearing ring, forming an apex angle of about 84
(Figure 3.16B). This second stage cracking occurs as the load increases up to and just past the
ultimate load. These stable microcracks are analogous to the vertical cracks observed during an
ordinary uniaxial compression test of a cylinder or prism.

Stage 3 — Beyond the ultimate load, a circumferential “tensile/shear” crack develops that forms the
final shape of the extracted cone (see Figure 3.16C).

Krenchel and Bickley emphasize that the progression of microcracking in Stage 2 is directly related to
the ultimate load during the test, and that the fracture surface formed when the cone is completely
extracted has little to do with the failure mechanism at ultimate load. As an analogy, they cite the case
where a cylinder is compressed past the ultimate load point, and the resulting fracturing that is observed
has little to do with the fracture mechanism at ultimate load. 

3.3.4 Summary

A series of independent analytical and experimental studies have been performed to gain an understand-
ing of the fundamental failure mechanism of the pullout test. It is understood that the pullout test subjects
the concrete to a nonuniform, three-dimensional state of stress. It also has been demonstrated that there
are at least two circumferential crack systems involved: a stable primary system, which initiates at the
insert head at about 1/3 of the ultimate load and propagates into the concrete at a large apex angle, and
a secondary system, which defines the shape of the extracted cone. There is not a consensus, however,
on the failure mechanism at the ultimate load. Some believe that ultimate load occurs as a result of
compressive failure of concrete along a line from the bottom of the bearing ring to the top face of the
insert head. This could explain why good correlation exists between pullout strength and compressive
strength. Others believe that the ultimate failure is governed by aggregate interlock across the secondary
crack system, and the ultimate load is reached when sufficient aggregate particles have been pulled out
of the matrix. In the latter case, it is argued that good correlation exists between pullout strength and
compressive strength because both properties are controlled by the strength of the mortar.



Despite the lack of agreement on the exact failure mechanism, it has been shown that pullout strength
has good correlation with compressive strength of concrete and that the test has good repeatability. These
aspects are discussed in the next section.

3.4 Statistical Characteristics

Two important statistical characteristics of tests for in-place concrete strength, such as the pullout test,
are the within-test variability and the relationship (correlation) between the test results and compressive
strength. Within-test variability, also called “repeatability,” refers to the scatter of results when the test is
repeated on identical concrete using the same test equipment, procedures, and personnel. For a given
concrete, the repeatability of a test affects the number of tests required to establish, with a desired degree
of certainty, the average value of the property being measured by the test.23 The relationship is required
to convert the test results to a compressive strength value. This section examines these two characteristics
of the pullout test.

3.4.1 Repeatability

If pullout tests are repeated on the same concrete at the same maturity, the ultimate pullout loads would
be expected to be normally distributed about the average value and the standard deviation would be the
measure of repeatability. If replicate tests were performed on the same concrete but at different maturities,
so that there would be different average pullout strengths, would the standard deviation be independent
of the average pullout strength? If the standard deviation were found to be proportional to the average
pullout strength, the coefficient of variation (standard deviation divided by the average) would be the
correct measure of repeatability. 

In a review of about 4300 field pullout tests, Bickley24 concluded that the standard deviation of pullout
strength was constant. Because average values were not given, it is not known whether this conclusion
applies over a wide range of average pullout strength. The standard deviations reported by Carette and
Malhotra25 and by Keiller26 offer some insight. Figure 3.17A shows the standard deviation of the ultimate
pullout load plotted as a function of the average value. The same commercial test system (LOK-TEST)

FIGURE 3.16  Failure mechanism of pullout tests according to Krenchel and Bickley.22
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was used by the two research groups, but the number of replications differed. It is clear that the standard
deviations reported by Carette and Malhotra are lower than those reported by Keiller, but so are the
average ultimate pullout loads. For comparison, Figure 3.17B, shows the corresponding coefficients of
variation as a function of average pullout load. The differences between the two groups of data are reduced
and this suggests that the coefficient of variation may be the appropriate indicator of repeatability over
a wide range of pullout load. 

Additional evidence that the standard deviation depends on the level of pullout load is provided by
the results of Stone et al.,27 shown in Figure 3.18A. Three of the test series involved a pullout test
configuration having a 70 apex angle and a 25-mm (1-in.) depth of embedment, but concretes with
different types of coarse aggregate (river gravel, crushed limestone, and expanded shale) were used. The
fourth series used a 54 apex angle and river gravel aggregate. Figure 3.18A shows that the standard
deviation tends to increase with increasing average pullout load. In contrast, Figure 3.18B shows that the
coefficient of variation appears to be independent of the average pullout load. 

Based on the above discussion, it is concluded that the coefficient of variation is the better statistic for
quantifying the repeatability of the pullout test. Table 3.1, which was prepared by the author and included
in Reference 28, lists some of the reported values of the coefficient of variation for replicate pullout tests.
The average values vary from about 4 to 15%. In a summary of the experiences with the LOK-TEST
system, Krenchel and Peterson31 also reported coefficients of variation ranging between 4 and 15%, with
an average of about 8%.

The data in Table 3.1 are for different test configurations (apex angle and embedment depth), aggregate
types, aggregate sizes, and sample sizes. Similarly, the results summarized by Krenchel and Peterson
involved different types and sizes of aggregates as well as different sample sizes. The NBS performed a
study to determine whether some of these variables have an effect on the repeatability of the pullout test.

FIGURE 3.17  Repeatability of the pullout test as a function of average pullout strength:25,26 (A) in terms of standard
deviation and (B) in terms of coefficient of variation.
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The following variables were considered: apex angle, embedment depth, maximum aggregate size, and
aggregate type. The experimental details were reported by Stone and Giza.20 Basically, 11 pullout inserts
were embedded in 152 152 914 mm (6 6 36 in.) beam specimens. Mortar and concrete beams
were cast, and the 11 inserts in each beam were extracted at a given test age. Concrete strength was not
a variable, so the average companion cylinder strengths varied over a narrow range of 14 and 17 MPa
(2000 to 2500 psi). 

FIGURE 3.18  Repeatability of the pullout test for different test conditions: (A) in terms of standard deviation and
(B) in terms of coefficient of variation.27

TABLE 3.1 Within-Test Coefficient of Variation of Pullout Tests

Ref.
Apex Angle

( )
Embedment
Depth (mm)

Max. Agg. 
Size (mm)

Aggregate 
Type

Sample
Size

Range of CV
(%)

Average CV 
(%)

5
6

24
29
25
25
26
27
27
27
27
30

67
67
62
70
67
62
62
70
70
70
54
67

53
53
25
25
53
25
25
25
25
25
25
30

19
25
10
20
19
19
20
19
19
19
19
12

Limestone
River gravel
Unknown
Granite
Limestone
Limestone
Limestone
River gravel
Limestone
Lightweight
River gravel
Gravel

3
2
8
6
4

10
6

11
11
11
11
24

2.3–6.3
0.9–14.3
3.2–5.3
1.9–12.3
1.9–11.8
5.2–14.9
7.4–31
4.6–14.4
6.3–14.6
1.4–8.2
4.3–15.9
2.8–6.1

3.9
5.3
4.1
6.9
7.1
8.5

14.8
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9.2
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The author has used the techniques in ASTM E 17832 to remove outliers from the data reported by
Stone and Giza.20 Usually, an erratic low pullout load resulted because of abnormal cracking of the beam
outside of the bearing ring, and an erratic high load resulted when a large aggregate particle was situated
across the fracture surface of the conical fragment. Table 3.2 summarizes the testing variables and the
resulting coefficients of variation. To visualize the results, the data are also plotted. Figure 3.19A shows
the effect of the apex angle. For pullout tests in concrete, a variation of the apex angle from 30 to 86
does not appear to have a strong effect on the repeatability, but there is a tendency for more scatter at
lower apex angles. The tests in mortar were less variable, and, likewise, there was no dependence on the
apex angle. The effects of embedment depth are summarized in Figure 3.19B. Because of the few data
points, it is not possible to conclude whether embedment depth has an effect. It appears, however, that

TABLE 3.2 Effects of Test Variables on Within-Test Coefficient of Variation of Pullout Tests

Test Series

Apex 
Angle

( )
Embedment
Depth (mm)

Max. Agg. 
Size (mm)

Aggregate 
Type

No. of 
Data
Setsa

Range of 
CV (%)

Average
CV (%)

Apex angle 30

46

54

58

62

70

86

25

25

25

25

25

25

25

19
Mortar
19
Mortar
19
Mortar
19
Mortar
19
Mortar
19
Mortar
19
Mortar

River gravel

River gravel

River gravel

River gravel

River gravel

River gravel

River gravel

2
1
4
2
2
1
2
1
2
1
4
6
2
1

9.1–11.4

5.6–13.3
4.5–6.5
6.3–6.7

7.3–8.6

7.5–9.6

8.0–10.1
4.0–6.9
7.5–9.0

10.3
4.6
8.9
5.5
6.5
4.3
8.0
4.9
8.6
4.1
8.8
5.6
8.3
2.8

Embedment depth 58

58

58

58

58

58

58

12

20

23

25

27

32

43

19
Mortar
19
Mortar
19
Mortar
19
Mortar
19
Mortar
19
Mortar
19
Mortar

River gravel

River gravel

River gravel

River gravel

River gravel

River gravel

River gravel

1
1
2
1
2
1
2
1
2
1
2
1
2
1

7.7–10.9

6.5–6.7

7.3–8.6

8.0–8.8

8.1–9.1

7.9–9.4

12.9
5.3
9.3
6.4
6.6
4.7
8.0
4.9
8.4
2.8
8.6
3.1
8.7
4.1

Aggregate size 70
70
70
70

25
25
25
25

6
10
13
19

River gravel
River gravel
River gravel
River gravel

2
5
4
4

4.1–7.0
3.5–6.5
3.3–10.6
8.0–10.1

5.6
4.9
5.5
8.8

Aggregate type 70
70
70
70

25
25
25
25

19
19
19
19

Lightweight
River gravel
Gneiss
Porous limestone

2
4
2
2

5.7
8.9–10.1
7.2–7.5
7.7–10.9

5.7
8.8
7.4
9.3

a Number of data sets having various numbers of replicates after discarding outliers:
n  = 11 10 9 8

Concrete 25 18 2 2
Mortar 10 5 4

Source: Stone, W.C. and Giza, B.J., Concr. Int., 7(2), 27, 1985. 



when the embedment was equal to or less than the maximum aggregate size, 19 mm (3/4 in.), there was
a tendency for more variability. Again, pullout tests in mortar have less variability. The effects of aggregate
size are shown in Figure 3.19C. For an embedment depth of 25 mm (1 in.), the 19-mm (3/4 in.) maximum
aggregate size resulted in greater variability than the smaller aggregate sizes. In addition, there were no
differences between the tests in mortar and those in concrete with the 6-, 10-, and 13-mm (1/4-, 3/8-,
and 1/2-in.) aggregates. Finally, Figure 3.19D shows the effects of coarse aggregate type. The tests in
concretes made with normal weight aggregates had about the same coefficient of variation. The tests in
lightweight concrete, however, had a lower coefficient of variation of 5.7%, which is practically identical
to the average value of 5.6% obtained from tests in mortar.

The NBS study showed that, for a 25-mm (1-in.) embedment depth, tests in concrete made with 19-
mm (3/4-in.) aggregate had higher variability, and tests in concrete made with lightweight aggregate had
lower variability. These observations support the notion that aggregate interlock controls the ultimate
load during the test. Stone and Giza20 also found that the average pullout loads in the mortar specimens
where consistently lower than the strengths in concrete specimens, and the difference tended to be higher
for smaller apex angles. They argued that, at smaller apex angles, aggregate interlock effects are greater,
and more load is needed to extract the aggregates from the mortar matrix. They reasoned that tests in
concrete had greater variability than tests in mortar because of the random manner in which coarse
aggregate particles cross the eventual failure surface. They further observed that, for the tests in concrete
with lightweight aggregate, the fracture surface went through the aggregate particles rather than around
them, as was observed in concretes made with the normal weight aggregates. Thus, for the weak light-
weight aggregates, interlock effects were not significant, and the repeatability was similar to tests in mortar.

In summary, the repeatability of the pullout test is characterized by the coefficient of variation.
Reported values of the coefficient of variation, for different aggregate materials and test configurations,
have ranged from about 4 to 15% with an average value of about 8%. The maximum size of the aggregate
in relation to the embedment depth appears to be a significant factor. Tests on concrete made with coarse
aggregate having a maximum size less than the embedment depth tend to have lower variability. The

FIGURE 3.19  Coefficient of variation as a function of: (A) apex angle, (B) embedment depth, (C) maximum
aggregate size, and (D) aggregate type. (Data from Reference 20.)
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type of coarse aggregate appears to be insignificant, except for lightweight aggregate that results in less
variability.

3.4.2 Strength Relationship

The term strength relationship is used for the relationship between pullout strength and compressive
strength of concrete that is obtained by regression analysis of test data. In the review of the early pullout
test developed in the former Soviet Union, Skramtajew1 reported that for concrete with cube strengths
between 1.5 and 10.5 MPa (200 to 1500 psi) there was a constant ratio between pullout load and cube
strength. On the other hand, Tremper2 showed that, over a wide range of concrete strength, the relation-
ship between pullout load and compressive strength was nonlinear and may be affected by the type of
aggregate (Figure 3.4). Recall that these early tests did not involve a bearing ring.

To improve the correlation between pullout strength and compressive strength, Kierkegaard-Hansen3

introduced a bearing ring and concluded from his tests that: “There is nothing to indicate that the
relationship between the two strength measurements is nonlinear.” Kierkegaard-Hansen found, however,
that the relationship was linear but not proportional, i.e., the straight line had a nonzero intercept. In
addition, he found that the relationship depended on the maximum size of the coarse aggregate. He
suggested the following strength relationships for his lok-strength system:

P = 5.10 + 0.806C (16 mm maximum aggregate size) (3.5)

P = 9.48 + 0.829C (32 mm maximum aggregate size) (3.6)

where
P = ultimate pullout load (kN)
C = cylinder compressive strength of concrete (MPa)

Thus, for equal cylinder compressive strength, concrete with a larger coarse aggregate will have a greater
ultimate pullout load.

The manufacturer33 of the widely used LOK-TEST system originally proposed the following strength
relationship for all concrete with aggregate sizes up to 32 mm (1 1/4 in.):

P = 5 + 0.8C (3.7)

Bickley24 reported, however, that correlation testing performed at six test sites, using the same LOK-TEST
system, resulted in straight lines that differed from Equation 3.7. Table 3.3 summarizes the best-fit values
of the slopes and intercepts obtained by Bickley. The table shows that there are positive and negative
intercepts and that some of the slopes are significantly greater than the recommended value of 0.8 kN/
MPa. It was shown that, in general, Equation 3.7 is a “conservative” relationship, i.e., for a given pullout
load Equation 3.7 estimates a lower compressive strength than the straight lines in Table 3.3. 

The lack of agreement among the strength relationships obtained with the same test system, and the
illogical result of a nonzero intercept, has caused skepticism among potential users of the pullout test
method. This section demonstrates that, for a given test system, there is not a unique strength relationship
applicable to all concrete. Also, it is shown that the correlation for a particular combination of materials
and test system is not necessarily linear. The discussion is limited to relationships between ultimate
pullout load and cylinder compressive strength.

First, the shape of the strength relationship is investigated. Figure 3.20A shows correlation data
obtained using concrete made with 19-mm (3/4 in.) crushed limestone.27 The pullout test system had a
70 apex angle and a 25-mm (1 in.) embedment depth. Rather than using a linear relationship, consider
a power function as follows:



C = P (3.8)

By taking the logarithms of both sides, Equation 3.8 is transformed to

log(C) = log( ) + log(P) (3.9)

Thus, by plotting the logarithm of compressive strength vs. the logarithm of pullout load, the power
function is transformed into a straight line. The best-fit values of and can be obtained by linear
regression analysis using the transformed data.* The best-fit power function for the data in Figure 3.20A is

TABLE 3.3 Linear Strength 
Relationships by Bickley24 with LOK-TEST 
System (P = a + bC)

Strength Range 
(MPa)

Intercept a
(kN)

Slope b
(kN/MPa)

7.1–38.3
12.7–28.8
9.7–44.4
5.9–32.5
13.7–34.4
8.8–25.2

0.9
2.0
2.4
1.7
2.0
2.7

0.88
1.05
0.85
0.81
1.06
0.89

FIGURE 3.20  Strength relationships for concrete made with crushed limestone:27 (A) power function relationship
and (B) straight line relationships for different strength ranges. 

*Linear regression analysis of the transformed data is preferred when the coefficient of variation of the dependent
variable (concrete strength in this case) is constant.27
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C = 1.6P0.86 (3.10)

The power function fits the data quite well and the shape is nearly a straight line over the range covered
by the data.

Now, examine what happens if a linear relationship is assumed having the equation:

C = a + bP (3.11)

If all points are considered, the best-fit straight line is

C = 3.8 + 0.87P (3.12)

If we consider only the six points for compressive strengths above 20 MPa (2900 psi), the best-fit straight
line is

C = 5.2 + 0.83P (3.13)

It is seen that the two straight lines in Figure 3.20C are practically the same for compressive strength
above 20 MPa. The point of this exercise is to illustrate that, if the true strength relationship is nonlinear
and it is approximated with a straight line, the slope and intercept of the straight line depend on the
strength range covered by the correlation data.

Next, consider correlation data for the same test system but for concrete made with 19-mm (3/4 in.)
river gravel.27 The data are shown in Figure 3.21A and the best-fit power function is

C = 1.07P1.02 (3.14)

The power function looks very much like a straight line. In this case, the exponent is greater than 1, and
the curvature of the strength relationship is opposite to that shown in Figure 3.20A. Figure 3.21B shows
the best-fit straight lines for all the data and for only the six data points above 20 MPa (2900 psi). Again,
the equations of the straight lines are different but the strength relationships are similar for the data
above 20 MPa. Also, note that because of the different curvature, the values of the intercepts are negative.

Thus, if the true strength relationship is slightly nonlinear and if the curvature can depend on the
type of aggregate, one can explain why Bickley24 reported different linear relationships for the same
pullout test system. 

The manufacturer33 of the LOK-TEST system later proposed the following relationship, which differs
from Equation 3.7, for concrete with compressive strengths between 3 and 25 MPa (400 and 3600 psi):

P = 1.0 + 0.96C (3.15)

Because the strength relationship is used to estimate compressive strength based on the measured pullout
load, it is preferable to treat compressive strength as the dependent variable. Thus, the relationships for
the LOK-TEST system are as follows:

C = 1.0 + 1.04P (for 3 MPa < C < 25 MPa) (3.16)

C = 6.3 + 1.25 P (for C 25 MPa) (3.17)

These two straight lines are shown in Figure 3.22A. For purposes of illustration, eight evenly spaced
points were chosen along this bilinear strength relationship, as shown in Figure 3.22B. A best-fit power
function was fitted to the points, and the equation of the function is as follows: 

C = 0.6P1.14 (3.18)

It is seen that the power function is nearly identical to the bilinear function.



Figure 3.23 shows correlation data reported by Khoo29 for pullout tests and tests of corresponding
cores. The pullout configuration had an apex angle of 70 and the embedment depth was 25 mm (1 in.).
The concrete was made with 20-mm (0.8 in.) maximum size crushed granite, and the compressive
strength ranged between 10 and 40 MPa (1500 and 5800 psi). The best-fit straight-line relationship for
the data, as determined by this author, is

C = -1.11 + 1.19P (3.19)

while the best-fit power function is

C = 1.12P1.00 (3.20)

Because the exponent of the power function is equal to 1, the power function is actually a straight
line passing through the origin. The intercept in Equation 3.19 is not statistically significant, and, for
the range of strength considered, the compressive strength of the cores is proportional to the pullout
load. 

Finally, let us examine the effects of test geometry and aggregate type on the strength relationship.
Figure 3.24A shows the reported27 power-function relationships for two pullout test configurations: one
had an apex angle of 54 and the other an angle of 70 . The embedment depth and insert head diameter
were 25 mm (1 in.), and the concrete was made with 19-mm 3/4-in.) river gravel. The exponents for the
two curves are close to 1 so both relationships are very close to linear. As shown in Table 3.1, the
repeatability of the two test configurations was found to be similar. As was discussed by Stone and Giza,20

because the slope of the relationship for the 54 pullout configuration is lower than for the 70

FIGURE 3.21  Strength relationships for concrete made with river gravel:27 (A) power function and relationship
(B) straight line relationships for different strength ranges.
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configuration, the relationship for the 54 configuration would result in slightly less uncertainty in the
estimated compressive strength.  

Figure 3.24B compares power-function relationships for different types of aggregates using the 70
pullout test configuration.27 The relationships were found to be statistically different. Note that for
compressive strengths above 20 MPa (3000 psi), the concrete with crushed limestone resulted in much
greater pullout loads. Thus, there is evidence that the aggregate type can affect the strength relationship.

FIGURE 3.22  (A) Bilinear strength relationship proposed for LOK-TEST system.33 (B) Power function approxima-
tion of the two lines.

FIGURE 3.23  Correlation data by Khoo29 and best fit linear and power function relationships.
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3.4.3 Summary

This section has reviewed available information on the within-test variability (repeatability) and the
strength relationship of the pullout test. Over a wide range of concrete strength, the standard deviation
of the ultimate pullout loads, for repeated tests in the same concrete, increases with increasing strength.
Hence the coefficient of variation is the appropriate statistic to describe repeatability. A significant amount
of repeatability data have been published, and it appears that the average value of the coefficient of
variation for the pullout test is about 8%. The size and type of the coarse aggregate, however, affect the
coefficient of variation, and the repeatability for a given concrete mixture can be higher or lower than 8%.

Considerable correlation data have been published for the commercially available LOK-TEST system,
which uses a 62 apex angle and a 25 mm embedment depth. The majority of the empirically determined
relationships have been reported to be straight lines with nonzero intercepts. It has been explained that
these linear relationships are approximations to inherently nonlinear relationships. For this reason, the
slopes and intercepts depend on the strength ranges used in developing the correlation data. It has been
proposed that a power function is a superior equation for analyzing correlation data. The coefficients of
the power function are readily determined by linear regression analysis of the logarithms of pullout and
compressive strength data. As demonstrated by examples, the power function can accommodate various
degrees of nonlinearity.

Some of the early studies indicated that, for a given test system, the strength relationship is influenced
by the maximum aggregate size. More recent results show that the type of aggregate also has an effect.
Thus, for the most reliable estimates of in-place strength, a strength relationship should be developed
for the specific concrete mixture to be used in construction.28 The next section discusses methods for
developing correlation data.

FIGURE 3.24  Strength relationships as affected by (A) apex angle and (B) aggregate type.27
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3.5 Applications

The pullout test has been adopted as a standard test method in many parts of the world, including North
America, and its successful use on large construction projects has been reported.24,34,35 This section reviews
the evolution of the current ASTM (American Society for Testing and Materials) standard governing the
pullout test, and discusses some of the practical aspects for implementing the method and interpreting
test results.

3.5.1 Standards

The first standard for the pullout test was established in Denmark in 1977,33 and the method is recognized
for the acceptance of concrete in structures. In North America, ASTM adopted a tentative test method
in 1978, which was subsequently revised and issued as a standard in 1982. The ASTM standard does not
limit the test configuration to a specific geometry. The following compares some of the geometrical
requirements in the 1978 tentative method with those in the 1982 ASTM standard: 

The 1982 standard set the embedment depth equal to the insert head diameter, d, thereby limiting the
range of possible apex angles from 53 to 70 . The 1987 revision of the ASTM standard made no changes
to the allowable test configurations.36

The ASTM standard allows three procedures for placement of cast-in-place pullout inserts:

1. Attached to the surface of formwork prior to concrete placement
2. Attached to formwork with special hardware to enable testing deep within the concrete (refer to

Figure 3.7A)
3. Placed into the surface of freshly placed concrete

In the third procedure, inserts are placed manually into the top surface of the fresh concrete. Special
inserts with a “cup” or a plastic plate are used to provide a smooth surface for proper seating of the
bearing ring. Manual placement requires care to assure that the concrete around the insert is properly
consolidated and surface air voids are minimized. In general, manually placed inserts result in higher
variability24,37 and are not recommended unless absolutely necessary. In all cases, the clear spacing between
the inserts and the edges of the member should be at least four times the insert head diameter. Also,
each insert should be placed so that reinforcing steel does not interfere with the eventual fracture surface
when the insert is pulled out.

The number of required pullout tests in the field was a controversial subject during the development
of the ASTM standard. The 1978 tentative method had no requirement. The 1982 standard stated that
a “minimum of three pullout tests shall comprise a test result,” and Note 6 stated: “Often it will be
desirable to provide more than three individual pullout inserts in a given placement.” In 1987, the section
on the number of tests was expanded to the following:

When pullout test results are used to assess the in-place strength in order to allow the start of critical
operations, such as formwork removal or application of post tensioning, at least five individual pullout
tests shall be performed for a given placement for every 115 m3 (150 yd3), or fraction thereof, or for
every 470 m2 (5000 ft2), or a fraction thereof, of the surface area of one face in the case of slabs or walls.

A note to this requirement stated: “Inserts shall be located in those portions of the structure that are
critical in terms of exposure conditions and structural requirements.” In addition, the following statement
was also added to the 1987 standard:

ASTM C 900-78T ASTM C 900-82

Embedment depth 1.0d to 1.2d 1.0d
Bearing ring 2.0d to 2.4d 2.0d to 2.4d
Apex angle 45 to 70 53 to 70



When planning pullout tests and analyzing test results, consideration should be given to the normally
expected decrease of concrete strength with increasing height within a given concrete placement in a
structural element.

This so-called top-to-bottom effect is well documented.38 41 Standards and codes, however, have not
addressed the significance of the effect; therefore, there are no guidelines on how to deal with such
variability. The important point is that when high variability is obtained from pullout tests performed
at different elevations within a structural element, it should not be interpreted to mean that the pullout
test is unreliable. Engineering judgment is required in selecting the test locations and in interpreting the
results.

The 1978 and 1982 versions of the ASTM test method allowed the option of reporting the pullout
strength as a stress, obtained by dividing the ultimate pullout load by the area of the idealized conic
frustum. There were criticisms that the calculation was not meaningful because the pullout force is
inclined to the surface of the frustum. In 1987, the procedure was changed to allow the calculation of a
nominal normal stress as given by the previous Equation 3.2. As was discussed, the normal stress
distribution on the idealized conic frustum is nonuniform. Therefore, this calculated normal stress is
fictitious and should be used only for comparing results of different pullout test configurations. In the
1999 revision of ASTM C 900, the equations for computing nominal stresses on the surface of the idealized
frustum were moved to a nonmandatory appendix. The reason was that stress calculations are rarely
used in practice and are not essential to the test method.

The ASTM standard has the following statement regarding the relationships between pullout strength
and other strength tests:

Such strength relationships depend on the configuration of the embedded insert, bearing ring dimen-
sions, depth of embedment, and the level of strength development in that concrete. Prior to use, these
relationships must be established for each system and new combination of concreting materials.

Aside from assuring a strength relationship that is applicable to the particular combinations of equip-
ment and materials, this requirement also forces testing agencies to become familiar with the details of
pullout testing procedures prior to using the test equipment at the project site.

Before 2001, ASTM C900 required that the pullout test be completed within 90 to 150 s. Most standard
test methods that measure strength properties of concrete require loading at a specified stress rate. Thus,
in 2001, the test method was revised so that the nominal normal stress on the assumed conic frustum
(see Equation 3.2) was required to increases at a rate from 40 to 100 kPa/s (5.8 to 14.5 psi/s). To assist
users of the most common testing configuration, a table was provided that showed the acceptable range
of time to complete the test depending on the expected ultimate pullout load.

3.5.2 Strength Relationship

The development of the strength relationship applicable to the specific construction project is a critical
step in implementing the pullout test. Unfortunately, no standard procedures exist to obtain correlation
data, although American Concrete Institute (ACI) 228.1R provides recommendations.28

Historically, various techniques have been used to acquire companion pullout strength and compressive
strength data. Kierkegaard-Hansen3 placed pullout inserts in the bottoms of standard cylindrical speci-
mens. A pullout test was performed on the cylinder, and then the same cylinder was capped and tested
for compressive strength. If the pullout test was stopped just beyond the point of maximum load, the
pullout cone was not extracted, and it was shown that the cylinder could be tested in compression without
significant effect on the compressive strength. Bickley24 also provided data showing negligible effects of
this procedure on compressive strength. Such a procedure is possible because, during a standard com-
pression test, the ends of the cylinder are subjected to confining stresses8 that prevent premature failure
of the cylinder due to the damage incurred during the pullout test. However, it was found that, as concrete
strength increased, radial cracking occurred at the end of the cylinder outside of the bearing ring, and
this reduced the ultimate pullout load.3,24 Later studies confirmed that, for concrete with compressive



strengths above 40 MPa (5800 psi), pullout tests in 150-mm (6-in.) diameter cylinders resulted in lower
strengths than pullout tests on larger specimens that did not experience radial cracking. For this reason
and because there is a limit to the size of the pullout test configuration than can be used on the bottom
of a cylinder, this approach is not recommended.

An alternative to placing inserts in standard cylinders is to place them in slabs and cast companion
standard cylinders. At designated ages, replicate pullout tests are performed on the slab and replicate
cylinders are tested in compression. A drawback to this approach is the need to assure that the pullout
tests and compression tests are performed at the same maturity. Because of their different masses and
shapes, the slab and cylinders are not likely to experience the same temperature history during the critical
early ages, when strength changes rapidly with age and is strongly dependent on temperature history.42

Failure to account for possible maturity differences can lead to inaccurate strength relationships. Either
maturity meters should be used to ensure companion testing at equal maturities, or compression tests
should be performed on cores drilled from the slab. Although the latter approach helps assure equal
maturities, it is time-consuming.

For the commercially available pullout systems, having embedment depths of 30 mm (1.2 in.) or less
and apex angles of 70 or less, the preferred approach is to place inserts on the side faces of 200-mm (8-
in.) cubes and cast companion standard cylinders. Because of similar surface-to-volume ratios, the early-
age temperature histories of the two types of specimens will be similar. The cubes and cylinders should
be compacted similarly, and the use of an internal vibrator or a vibrating table is recommended.

Committee 228 of the American Concrete Institute (ACI) recommends performing eight replicate
pullout tests and two cylinder compression tests at each test age.28 These numbers of tests assure that the
average pullout strength and average compressive strength are determined with about the same degree
of certainty. By placing four inserts in each cube, this recommendation requires two cubes and two
cylinders at each test age. The specimens should be moist-cured until time of testing.

The next question is how many sets of pullout and compression tests should be performed to establish
the strength relationship. The chosen number should satisfy two needs: the tests should span as a wide
range of strength as is possible, and there should be enough points to define the relationship with a
reasonable degree of accuracy. Based on field experience, Bickley24 suggested that the range of compressive
strength should be at least 20 MPa (3000 psi) but preferably greater than this. ACI Committee 22828

recommends performing companion tests at a minimum of six evenly spaced strength levels. Generally,
if test ages are increased by a factor of 2, there will be about the same strength increase between successive
tests. For example, tests at ages of 1, 2, 4, 8, 16, and 32 days should result in approximately evenly spaced
test points. This of course assumes a constant temperature during the curing period. If the pullout test
will be used to estimate in-place strengths at very low levels, the first test age should be reduced to 12 h.
This will require care in handling the low-strength specimens.

Thus, the recommended correlation testing program involves casting at least 12 cubes, with 4 inserts
per cube, and 12 cylinder specimens. The inserts in 2 cubes and 2 cylinders are tested at different ages
to produce evenly spaced points when the correlation data are plotted. The average of the pullout strengths
and compressive strengths are used in a least-squares fit analysis to develop the strength relationship.27,43,44

3.5.3 Interpretation of Results

To estimate in-place strength, pullout tests are performed on a particular part of the structure and the
strength relationship is used to convert the test results to a compressive strength value. To judge whether
sufficient strength has been attained, the estimated compressive strength is compared with the required
strength in the project documents. However, to provide for a margin of safety, the pullout test results
should be treated statistically rather than simply by comparing the average estimated in-place strength
with the required strength.

In assessing the safety of a structure, the “specified” concrete strength is used in the design equations
to calculate member resistances. The specified strength is the strength that is expected to be exceeded by



a large proportion of the concrete in the structure, and it is often called the “characteristic strength.” In
North American practice,45 this proportion (or fraction) is about 90%. Alternatively, it is expected that
10% of the concrete in the structure will be weaker than the specified strength. Thus, in interpreting test
results, the characteristic strength indicated by the pullout tests should be computed for comparison
with the required strength.

One approach,24,46 which was developed in Denmark and has been used in North America, uses the
lower tolerance limit of the in-place strength as the characteristic strength. The lower tolerance limit is
a statistical term that represents the value that is expected to be exceeded by a certain fraction of the
population with certain degree of confidence (or probability level).47 It is calculated by subtracting the
product of the standard deviation and the appropriate tolerance factor from the average value. In applying
this approach to pullout tests, the following procedure is used:

• Perform the pullout tests.
• Convert the test results to compressive strength values by means of the strength relationship.
• Compute the average and standard deviation of the compressive strength values.
• Compute the characteristic strength as follows:

C0.1 = Ca – KS (3.21)

where
C0.1 = the characteristic strength, i.e., the strength not expected to be exceeded by 10% of the

concrete in the structure
Ca = average compressive strength based on the pullout test results
K = one-sided tolerance factor
S = the standard deviation of the compressive strength values

The tolerance factor value depends on the number of tests and the confidence level. Proponents of this
approach usually use a confidence level of 0.75.24,46 Table 3.4 lists the one-sided tolerance factors for an
understrength fraction of 10% and a confidence level of 0.75.47

In a strict sense, the tolerance limit approach is not intended for application to values (compressive
strength) estimated through the use of an empirical correlation. The approach has been criticized27,43

because of the following assumptions implied in its use:

• The strength relationship has no error, i.e., the coefficients describing the relationship are known
with absolute certainty.

• The standard deviation of the actual in-place compressive strength is assumed to equal the standard
deviation of compressive strengths estimated from the correlation curve. 

The first assumption can lead to unconservative estimates of the in-place strength. The second assump-
tion is likely to be conservative because the variability of the in-place compressive strength is not expected
to be as great as that of pullout strength. In addition to these assumptions, the strength relationships
were determined using ordinary least-squares analysis, which is not strictly applicable when the inde-
pendent variable (pullout strength in this case) has measurement error. 

To overcome the deficiencies of the tolerance limit approach, the U.S. NBS developed a rigorous
statistical procedure to establish the strength relationship and estimate the in-place characteristic strength
to a desired confidence level.43 Basically, the NBS procedure estimates the expected characteristic strength
and its uncertainty. From these estimates, one determines the value the characteristic strength that is
expected to be exceeded with a high level of confidence. The procedure is complex, but it is well suited
for implementation on a personal computer. The NBS method assumes that the ratio of the standard
deviation of cylinder strength to the standard deviation of pullout strength has the same value in the
field as was obtained during the laboratory correlation testing. Characteristic strengths computed by
using this rigorous approach were compared with the values computed using the tolerance limit method.27

The comparison showed that the tolerance limit approach leads to overly conservative estimates of



in-place characteristic strength, especially when the variability of the pullout test results is high. Although
this is acceptable for safety, it may lead to unnecessary delays in the construction schedule.

A simplified procedure was developed to interpret pullout test results and was implemented with
spreadsheet software.44 A spreadsheet template was prepared that contained the necessary equations to
develop the strength relationship and analyze subsequent in-place test results. To use the template, the
user enters the test data from the correlation testing program, and the strength relationship is automat-
ically computed. The user then enters the in-place pullout test results, and the characteristic strength is
automatically computed. A Windows™-based program has been developed that implements the simpli-
fied procedure.48 The program stores correlation data in a database that can be reused when the same
concrete is used on different projects.

In arriving at a reliable estimate of in-place characteristic strength, the simplified method44,49 considers
the following sources of variability or uncertainty:

• The variability of the in-place concrete strength
• The uncertainty in the average value of the in-place pullout strength
• The uncertainty in the strength relationship

Simulation studies44 indicated that the simplified method and the rigorous approach resulted in similar
estimates of in-place characteristic strength.

Consensus has not been reached in North America on the recommended approach for analyzing in-
place test results. ACI 228.1R28 discusses the above statistical methods, but leaves it to the user to decide
which should be used for a specific project. The user is encouraged to study the cited references for
additional guidance on the interpretation of pullout test results.

3.5.4 Precision

ASTM test methods require precision statements that indicate the expected variability of test results.
These statements are based typically on round-robin testing. Because of the high costs that would be
required to carry out a properly designed interlaboratory testing program for the pullout test, a precision
statement on repeatability was developed on the basis of the data summarized in ACI 228.1R.28 For cast-
in-place tests with embedment depth of 25 mm (1 in.) and maximum aggregate size of 19 mm (3/4 in.),
the single operator coefficient of variation is 8%. Therefore, the ranges of individual test results are not
expected to exceed the following: 

TABLE 3.4 One-Sided Tolerance Factor 
for 10% Understrength and 0.75 Confidence 
Level for Normal Distribution

No. of Tests K No. of Tests K

3
4
5
6
7
8
9

10
11

2.501
2.134
1.961
1.860
1.791
1.740
1.702
1.671
1.646

12
13
14
15
16
17
18
19
20

1.624
1.606
1.591
1.577
1.566
1.554
1.544
1.536
1.528

Source: Natrella, M., Experimental Statis-
tics, Handbook 91, National Bureau of Stan-
dards, U.S. Government Printing Office,
Washington, D.C., Oct. 1966.



A note to the precision statement discusses actions to consider if the variability in a set of results
exceeds the above ranges.

3.5.5 Number of Tests

As was stated earlier, an issue of contention during the development of the 1987 ASTM standard was the
number of pullout tests that should be performed in a given placement to have a reliable estimate of the
in-place strength. Before discussing this issue, consider a statistical principle. Suppose there are two test
methods with values of repeatability, as expressed by the coefficient of variation, equal to V1 and V2. If
the respective material properties are to be measured with the same degree of certainty, the number of
replicate tests, n1 and n2, for each method should obey the following relationship:23

(3.22)

Thus, if the coefficient of variation of method 1 is twice the coefficient of variation of method 2, four
times as many replicate measurements should be made with method 1. Of course, the degree of uncer-
tainty in the average value decreases as the number of tests increases.

Now consider the sampling requirements in ACI 31850 for acceptance of concrete. The current require-
ment is that two cylinders should be tested for every 115 m3 (150 yd3) of concrete, or in the case of slabs
and walls for every 470 m2 (5000 ft2) of surface area (of one face). The coefficient of variation of the
standard cylinder compression test is about 4%.28 If the same sampling frequency were used for pullout
tests and if the coefficient of variation of the pullout test is taken as 8%, at least eight pullout tests should
be performed for the above quantities of concrete. Note that this only assures that the pullout strength
is known with the same degree of certainty as the standard cylinder strength. The estimated in-place
compressive strength will have greater uncertainty because of the additional uncertainties associated with
the strength relationship.

Some have suggested that a minimum of ten pullout tests should be performed for a given concrete
placement.25,29,34 As a practical matter, Bickley34 advocated the placement of 15 inserts per 100 m3 (130
yd3). When it is anticipated that the desired strength level has been reached, 5 inserts are randomly
selected for testing. If the results indicate less than the required strength level, testing is discontinued
and additional curing is provided. At a later age, the remaining 10 inserts are tested. This procedure
provides for a reserve in the event that testing is begun too soon. Bickley and others51 also advocate the
use of a maturity meter to determine the appropriate time to perform the pullout tests (see Chapter 5
by Carino on the maturity method for additional information).

Thus, while the ASTM standard requires a minimum of five pullout tests for every 115 m3 (150 yd3)
of concrete, or in the case of slabs or walls for every 470 m2 (5000 ft2) of the surface area of one face, a
greater number of inserts is recommended for added reliability and as a safety measure in the event
testing is begun too soon.28

3.5.6 Post-Installed Tests

A drawback of the cast-in-place pullout test is that the locations of the inserts have to be planned in
advance of concrete placement and the inserts have to be fastened to the formwork. This limits the

Number of Tests
Acceptable Range 

(Percent of Average)

5
7

10

31
34
36

n

n

V

V
1

2

1

2

2



applicability of the method to new construction. In an effort to extend the application of pullout testing
to existing structures, various “drilled in” or “post-installed” techniques have been investigated. 

Spurred by the need to evaluate distress in structures made with high alumina cement, the Building
Research Establishment (BRE)52,53 developed a technique based on commercial anchor bolts with expand-
ing sleeves, as shown in Figure 3.25. A 6-mm (1/4-in.) hole is drilled into the concrete, the hole is cleaned,
and an anchor bolt is inserted into the hole so that the split-sleeve is at a depth of 20 mm (0.8 in.). After
applying an initial load to expand and engage the sleeve, the bolt is loaded in tension and the maximum
load during the extraction is recorded. Reaction is provided by three “feet” located along the perimeter
of a ring 80 mm (3.1in) in diameter. The expanding sleeve applies to the concrete a force having vertical
and horizontal components, as indicated by the inclined arrows in Figure 3.25. The concrete fracture
differs from that in the standard pullout test, and the test is referred to an “internal fracture test” rather
than a “pullout test.” The reported strength relationship between ultimate load and compressive strength
has a pronounced nonlinearity, indicating that the failure mechanism is probably related to the tensile
strength of the concrete. The within-test variability was found to be greater than that of the standard
pullout test, and the 95% confidence limits of the strength relationship were found to range between

30% of the mean curve.
In the BRE test system, the pullout force is applied by turning a nut on the end of the anchor bolt

and measuring the maximum torque achieved during the test. Bungey54 developed a mechanical loading
system with the aim of reducing the scatter of test results compared with using the torque loading system.
Using the mechanical loading system, the 95% confidence intervals for the estimated compressive strength
were estimated to be 20%, which is a significant improvement. The comparatively low precision of the
internal fracture test has been attributed to two principal causes:54 (1) the variability in the hole drilling
and preparation; and (2) the influence of aggregate particles on the load transfer mechanism and on the
failure initiation load. 

Mailhot et al.55 investigated the feasibility of several drilled-in pullout tests. One of these used a split-
sleeve and tapered bolt. In this case, the bolt assembly was placed in a 19-mm (3/4-in.) hole drilled into
the concrete. As shown in Figure 3.26A, this technique differs from the BRE method because the reaction
to the pulling force acts through a specially designed high-strength, split-sleeve assembly. Thus, the force
transmitted to the concrete is predominantly a lateral load due to the expansion of the sleeve. The
developers claimed that failure occurred by shear. The author, however, believes that failure is more likely
to occur by splitting as in the standard splitting tension test of a cylinder. Similar to the BRE test, the
variability of this test was reported to be rather high.55 A second successful method involved epoxy-
grouting a 16-mm (5/8-in.) threaded rod to a depth of 38 mm (1 1/2 in.) in a 19-mm (3/4-in.) diameter
hole. After the epoxy had cured, the rod was pulled using a tension jack reacting against a bearing ring.
This method was also reported to have high variability. The study concluded that these two methods

FIGURE 3.25  BRE internal fracture test.52,53
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have the potential for assessing the strength in existing construction. Additional research was recom-
mended to enhance their reliability. 

Domone and Castro56 developed a technique similar to that shown in Figure 3.26A, except that the
load was applied by a torque meter and the embedment was 20 mm (3/4 in.) as in the BRE method.
Based on a limited number of comparative laboratory tests, it was concluded that the new method resulted
in better correlations than the BRE method. 

Another method was developed by the manufacturer of the LOK-TEST system and is referred to as
the CAPO test (for cut and pullout).33 The method involves drilling an 18-mm (0.7-in.) hole into the
concrete and using a special milling tool to undercut a 25-mm (1-in.) diameter slot at a depth of 25 mm
(1 in.). An expandable ring is placed into the hole, and the ring is expanded using special hardware.
Figure 3.26B shows the ring after expansion. The entire assembly used to expand the ring is then pulled
out of the concrete using the same loading system as for an ordinary pullout test. Thus, unlike the other
methods discussed above, the CAPO test subjects the concrete to the same type of loading as the standard
pullout test. The performance of the CAPO test in laboratory evaluations has been reported to be similar
to the LOK-TEST.33 In early field trials of the CAPO test, the variability of results was higher than for
cast-in-place tests. This was attributed primarily to difficulties in obtaining a flat bearing surface per-
pendicular to the axis of the post-installed insert. With improvement in the hardware and technique, the

FIGURE 3.26  (A) Post-installed pullout test using spilt-sleeve and tapered bolt.53 (B) The CAPO test by undercutting
and using an expandable ring.33
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variability was reduced and results comparable to cast-in-place tests were reported.57 In 1999, ASTM C
900 was revised to include pullout tests with post-installed inserts. The procedure calls for careful
attention to surface preparation before testing.

3.5.7 Summary

This section has discussed some of the practical considerations in the application of the pullout test.
Considerable information has been published on laboratory and field experience involving the method,
and standard test procedures and recommended practices have been established.

Prior to using the pullout test to estimate in-place strength, a relationship between ultimate pullout
load and compressive strength must be established for the particular test system and concrete materials.
The maximum size and type of coarse aggregate can have a significant influence on the strength rela-
tionship. Although no standards currently exist, recommendations for establishing this relationship have
been published. The preferred procedure is to perform the pullout tests on cube specimens. Correlation
data should span as wide a strength range as is practicable, and the strength level that is expected to be
measured in the field should fall within this range. At least six data sets should be used to develop the
strength relationship.

In implementing pullout testing in the field, the number of pullout tests and statistical analysis of the
results are critical. The number of tests should be chosen so that the average value and the variability of
the pullout strength are established with a reasonable degree of confidence. Most practitioners use more
than the minimum number required by the current ASTM standard. The inserts should be located in
critical portions of the structure. Test results should be subjected to statistical analysis so that the estimated
in-place strength will be exceeded by a large fraction of the concrete in the structure. Several statistical
methods have been proposed, but there is no consensus on which should be used. Danish practice has
promoted the tolerance limit approach, but there are more rigorous methods that can be implemented
using a personal computer.

Finally, there has been a brief discussion of recent developments related to drilled-in tests that do not
require the installation of inserts prior to concrete placement. Some of these methods load the concrete
in a different manner compared with the standard pullout test, and higher within-test variability have
been reported. One of these methods loads the concrete in a manner similar to the standard cast-in-
place test, and comparable performance has been reported in laboratory and field evaluations. This post-
installed pullout test is included in ASTM C 900.

3.6 Concluding Remarks

The pullout test measures the load required to extract a conical fragment of specified geometry from a
concrete mass. The modern test is an outgrowth of earlier attempts that did not use a bearing ring to
transmit the reaction of the tension load to the concrete mass. Danish research conducted in the late
1960s demonstrated that, by introducing the bearing ring, there was an approximately linear relationship
between the ultimate pullout load and the compressive strength of concrete.

The pullout test subjects the concrete to a static load and, therefore, the test is amenable to theoretical
analysis. Independent analytical and experimental investigations have been performed to gain an under-
standing of the failure mechanism. There has been agreement on some aspects of the failure process and
divergent points of view on others. It is agreed that the concrete is subjected to highly nonuniform,
triaxial stresses and that there is a stress concentration at the edge of the insert head. At about one third
of the ultimate load, circumferential cracking begins in the highly stressed region. This first crack
propagates at a greater apex angle than that defining the extracted conical fragment, and the first crack
stabilizes at less than the ultimate load. A second circumferential crack forms that defines the eventual
shape of the extracted fragment. At about 70% of the ultimate load, this second crack has extended from
the insert head to the bearing ring. The ultimate load carrying mechanism is a point of contention. Some
believe that there is a compression strut between the insert head and the bearing ring, and others believe



that additional load is carried by an aggregate interlock mechanism. Experimental evidence has been
used to support both points of view. Despite the lack of agreement on the ultimate failure mechanisms,
there is consensus that the ultimate pullout load is governed by the same strength properties that govern
the compressive strength of concrete.

Some of the early proponents of the pullout test have claimed that the repeatability was similar to,
and in some cases less than, the repeatability of standard compression tests. Consideration of a wide
variety of published data, however, indicates that the within-test coefficient of variation of the pullout
test is about twice that of the cylinder compression test. The size of the coarse aggregate in relation to
the insert embedment appears to have the most significant effects on the scatter of pullout test results.
In addition, the variability is lower in mortar and lightweight concrete than in normal weight concrete.

A relationship between pullout strength and compressive strength is needed to estimate in-place
strength. Some claim that for a given test system there is a unique relationship. There is evidence that
the nature of the coarse aggregate influences the relationship. Therefore, the recommended practice is
to develop the strength relationship for the particular concrete to be used in construction. A large number
of correlation studies have reported that compressive strength is a linear function of pullout strength.
Research, however, suggests that the relationship may be nonlinear, and a power function is a more
suitable equation for the strength relationship.

An important step in implementing the method is choosing the locations and number of pullout tests
in a given placement of concrete. The inserts should be located in the most critical portions of the
structure and there should be a sufficient number of tests to provide statistically significant results.
Additional inserts are recommended in the event that testing begins too soon, and the concrete has not
yet attained the required strength. The use of maturity meters along with pullout tests is encouraged to
assist in selecting the correct testing times and in interpreting possible low-strength results.

In-place pullout data should be statistically analyzed so that there is a high confidence in the estimated
strength. Although a standard analysis procedure has not been adopted, several methods are available.
The more rigorous approaches are well suited for computer implementation.

Techniques have been developed that permit testing in existing construction by drilling a hole and
inserting some type of expansion anchor. Some methods subject the concrete to different stress conditions
and have different failure mechanisms than the standard cast-in-place pullout test; however, these meth-
ods have not found widespread acceptance because of their high variability. One method produces a
failure surface that is similar to that of the cast-in-place test, and it has been included in the ASTM
standard.

In summary, the pullout test has been standardized and is recognized as a reliable method for assessing
the in-place strength of concrete during construction so that critical activities may be performed safely.
As with other in-place tests, the active involvement of a qualified individual in all aspects of the testing
program, from the correlation testing to the analysis of in-place data, is recommended to realize the
potential benefits of the method.
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4
The Break-Off Test

Method

4.1 Introduction
4.2 Theoretical Considerations
4.3 BO Test Equipment
4.4 Historical Background
4.5 Test Procedure

Inserting Sleeves in Fresh Concrete · Preparation for Core 
Drilling from Hardened Concrete · Conducting the BO Test ·
The BO Tester Calibration Procedure · Developing a 
Correlation Curve

4.6 Evaluation of Test Specimens
4.7 Applications
4.8 Advantages and Limitations
4.9 Standardization of the BO Method

In-place concrete strength is not the same as cylinder concrete strength because the in-place concrete is
placed, compacted, and cured in a different manner than the cylinder specimen concrete. Determination
of accurate in-place strength is critical in form removal and prestress or post-tension force release operations.
Fast construction techniques and construction failures emphasize the need for adopting methods for
determining in-place concrete strength. Several such methods exist and a considerable amount of informa-
tion is available. Out of many of these currently available nondestructive testing (NDT) methods, only the
break-off (BO) and the pullout tests measure a direct strength parameter. The BO test consists of breaking
off an in-place cylindrical concrete specimen at a failure plane parallel to the finished surface of the concrete
element. The BO stress at failure can then be related to the compressive or flexural strength of the concrete
using a predetermined relationship that relates the concrete strength to the BO strength for a particular
source of concrete. The BO test was developed in Norway by Johansen in 1976, and it was then introduced
in North America, initially by Malhotra in Canada and later by Naik in the United States.

This chapter provides complete and detailed information regarding the theory behind the BO method,
factors affecting this method, and the practical use of this method for laboratory and site investigations.
Selected case histories and lab investigations are also included.

4.1 Introduction

For many years questions have been raised regarding concrete quality assurance test methods based upon
standard cylinder tests, which measure the potential strength of a concrete batch. In-place concrete
strength is not the same as the cylinder concrete strength because the in-place concrete is placed,
compacted, and cured in a different manner than the cylinder specimen concrete. Determination of
accurate in-place strength is critical in form removal and prestress or post-tension force release operations.
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Fast construction techniques and construction failures emphasize the need for adopting methods for
determining in-place concrete strength. Several such methods exist and a considerable amount of infor-
mation is available.1–5 Out of many of these currently available NDT methods, only the BO and the
pullout tests measure a direct strength parameter. The BO test consists of breaking off an in-place
cylindrical concrete specimen at a failure plane parallel to the finished surface of the concrete element.
The BO stress at failure can then be related to the compressive or flexural strength of the concrete using
a predetermined relationship that relates the concrete strength to the BO strength for a particular source
of concrete. The BO test was developed in Norway by Johansen in 1976.6 The BO test is still not very
widely used in North America. The primary factor that limited the widespread use of this method was
the lack of necessary technical data and experience in North America. Initial work at CANMET in the
early 1980s had indicated a lack of reproducibility in results of this test method.* Several papers were
published in Europe about the BO method. This chapter provides complete and detailed information
regarding the theory behind the BO method, factors affecting this method, and the practical use of this
method for laboratory and site investigations. Selected case histories and lab investigations are also
included.

4.2 Theoretical Considerations

The BO method is based upon breaking off a cylindrical specimen of in-place concrete. The test specimen
has a 55 mm (2.17 in.) diameter and a 70 mm (2.76 in.) height. The test specimen is created in the
concrete by means of a disposable tubular plastic sleeve, which is cast into the fresh concrete and then
removed at the planned time of testing, or by drilling the hardened concrete at the time of the BO test.
Figures 4.1 and 4.2 show tubular plastic sleeves and a drill bit, respectively. Both the sleeve and the drill
bit are capable of producing a 9.5 mm (3/8 in.) wide groove (counter bore) at the top of the test specimen
(see Figure 4.3) for seating the load cell (see Section 4.3). A force is applied through the load cell by
means of a manual hydraulic pump. Figure 4.3 is a schematic of a BO concrete cylindrical specimen
obtained by inserting a sleeve or drilling a core. The figure also shows location of the applied load at the
top of the BO test specimen. In essence, the load configuration is the same as a cantilever beam with
circular cross section, subjected to a concentrated load at its free end. The force required to break off a
test specimen is measured by a mechanical manometer. The BO stress can then be calculated as:

fBO = M/S

where
M = PBO · h

PBO = BO force at the top
h = 65.3 mm
S = (d)/32
d = 55 mm

The BO method assumes that the ultimate flexural strength of the concrete is reached at the extreme
outside fiber at the base of the BO test specimen. In this case, the circular cross-section area would restrict
the ultimate fiber stress theoretically to a point, and a crack is initiated at this point. The exact location of
the rupture is determined by the loading arrangement (see Figure 4.3) at a distance of 55 mm from the
concrete surface. Away from the extreme outside fiber at the base, the stresses successively change in the
direction of the neutral axis from tension to compression. The BO method is presently the only available test
method for directly determining flexural strength of in-place concrete; there is a linear relationship between
the BO flexural strength and modulus of rupture as determined by a beam test.7–12 In the above simplified

*Personal communication from V.M. Malhotra, 1984.



formula, the manufacturer uses the elementary theory of strength of materials and does not apply the concept
of deep beam analysis even though the diameter to length ratio is 1:1.3. This point has been further
explored.13–15

4.3 BO Test Equipment

The BO tester (see Figure 4.4), consists of a load cell, a manometer, and a manual hydraulic pump capable
of breaking a cylindrical concrete specimen having the specified dimensions given in Section 4.2. The
load cell has two measuring ranges: low range setting for low strength concrete up to approximately 20
MPa (3000 psi) and high range setting for higher strength concrete up to about 60 MPa (9000 psi) (see
Figure 4.5). A tubular plastic sleeve, with internal diameter of 55 mm (2.17 in.) and geometry shown in
Figure 4.1, is used for forming cylindrical specimen in fresh concrete. A sleeve remover (see Figure 4.6)
is used for removing the plastic sleeve from the hardened concrete. A diamond tipped drilling bit is used
for drilling cores for the BO test in hardened concrete (see Figure 4.2). The bit is capable of producing
a cylindrical core, along with a reamed ring (counter bore) in the hardened concrete at the top with
dimensions similar to that produced by using a plastic sleeve. The manufacturer also provides a calibrator
for calibration and adjustment of the BO tester (see Figure 4.7). The procedure of calibrating a BO tester
is discussed later. 

FIGURE 4.1  Tubular plastic sleeves for inserting in fresh concrete for the BO test.

FIGURE 4.2  Core drill bit for drilling a core for BO testing of existing concrete element.



4.4 Historical Background

The BO method is a relatively new NDT. The first paper was published by Johansen in 19766 and the
research work was done at the Norwegian Technical University (NTH). In 1977 researchers at the NTH
and the Research Institute for Cement & Concrete in Norway developed and patented the BO tester as
a method for determination of compressive strength of in-place concrete.

Johansen,6 in his first paper, indicated the main use of this method as a very efficient way of determining
the in-place concrete strength for form removal. In 1984, Dahl-Jorgensen and Johansen12 published a
paper on the use of the BO method to detect variation in the concrete strength and curing conditions.
In their research a comparison was made between the BO method and the pullout test method. The
compressive strength of cores obtained from the BO tests and the standard cube compressive strength
were also compared. They concluded that the pullout test method and the core compressive strength
values obtained from the BO tests have a better ability to differentiate between concrete qualities than
the cube test. On the other hand, the BO test results and the core compressive strength results

FIGURE 4.3  Schematic of concrete cylindrical specimen obtained by inserting a sleeve or drilling a core, and location
of applied load.
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demonstrated their ability in detecting variation in curing conditions, while the pullout test method did
not register some of the curing differences demonstrated by the BO and the core results.

In 1979, Johansen published another paper9 on the use of the BO method, with a particular reference
to its application to airport pavements made of vacuum concrete. The author concluded that the variation
of the concrete strength detected by the BO method is of the same order of magnitude as the variation
detected by conventional flexural beam test. Furthermore, the BO strength was about 30% higher than
the conventional modulus of rupture because of deviations in the load configurations and geometric
parameters between the two test methods. A high sensitivity of the BO method to sense the influence of
the ambient air temperature on early strength was also indicated in this paper. A good relationship was
obtained between BO test reading and the compressive strength of the concrete obtained by standard
cube testing.

In 1980 Byfors tested concrete at early ages using the BO method.7 In his research Byfors tested concretes
with different water-to-cement ratios, and different aggregate sizes 8, 16, and 32 mm (5/16 in., 5/8 in., and
11/4 in.). The conclusion was that the BO method is well suited to detecting low-strength concrete made
with different sizes of coarse aggregates.

FIGURE 4.4  The BO test equipment: load cell, manometer, and hydraulic hand pump.

FIGURE 4.5  Low and high range settings of the BO tester load cell.



After modifications to the BO tester, Dahl-Jorgensen published two reports on the use of the BO
method.12,16 In this study, he investigated the use of the new equipment in testing epoxy to concrete bond
strength, and compared the results of the BO and the pullout methods. He concluded that the BO test
provided results with smaller variations between individual tests than the pullout method. Also, fewer
tests were rejected for the BO method compared to the pullout method.

Nishikawa published his work in 198310 after conducting very limited laboratory research on the use
of the BO method for determining flexural strength of concrete. He concluded that the relationship
between the BO test results and cylinder compressive strength tests was complex and of little practical
value. Therefore, no attempt was made to correlate these two test results. This is, of course, contrary to
all other published information about the BO method. He further concluded that the change in the shape

FIGURE 4.6  Sleeve remover.

FIGURE 4.7  The BO tester calibrator.



of the aggregates was not sensed by the BO method. These two conclusions are further discussed in
Section 4.6. Nishikawa indicated a relatively high within test variation for the inserted sleeve BO tests as
compared to cylinder and beam tests. With respect to other variables, he found that the BO test results
were affected by water-cement ratio, age, curing conditions, and cement type.

In 1984 Carlsson et al. published a paper on field experiences with the use of the BO tester.17 Six case
histories were discussed. The authors concluded there was a trend toward greater acceptance of the BO
test method in the field.

In 1987 another very limited exploratory investigation was done by Barker and Ramirez.18 The Scancem
version of the tester was used. They investigated the effects of the water to cement ratio, maximum aggregate
size, and aggregate shape. They indicated a relatively low within test variation of the method of 6.1%, while
that of the cylinder and beam tests were 7.6 and 4.6%, respectively. A regression analysis was performed
between BO test results and the cylinder test results. Good correlation was obtained and a detailed statistical
study was performed on the effects of different parameters on the BO compressive and flexural strengths
relation. Also in 1987, Naik et al. conducted a comprehensive laboratory investigation at the University of
Wisconsin-Milwaukee.13–15 They were the first to study the effects of the method of obtaining the BO test
specimen, either by inserting a plastic sleeve in fresh concrete or by drilling a core after the concrete had
hardened. Furthermore, they investigated the applicability of the BO test for high-strength concrete. The
strengths investigated were 45 and 55 MPa (6000 and 8000 psi), along with 30 MPa (4000 psi). They also
studied the effect of aggregate shape and slab thickness on the BO test results. A total of 524 BO tests were
performed. They concluded that BO readings for crushed aggregates were on average 10% higher than those
for the rounded aggregates. Also, the BO test is less variable for crushed aggregate concrete. They also stated
that the drilled core BO tests results were on average about 9% higher than the inserted sleeve BO test
results. According to Naik et al. the drilled core test method is preferable, although both methods of obtaining
the BO test specimen showed good correlation with the compressive strength of the in-place concrete, and
also yielded equally consistent BO test results (see Tables 4.1, 4.2, and 4.3 and Figures 4.8 and 4.9). They
discussed some of the difficulties encountered in inserting sleeves in harsh concrete or concrete with high
amounts of bleeding. Additional statistical analysis was performed on the large amount of data that their
investigations yielded. 

TABLE 4.1 Results of Standard Cylinder Compressive Strength and BO Tests for Mixture 1 (30 MPa)

Cylinder BO Readings (bar)

Compressive Inserted Sleeve Slab Thickness (in.) Drilled Core Slab Thickness (in.)

Strength (psi) 5 7 5 7

Test Age (days) Actual Average Actual Average Actual Average Actual Average Actual Average

2120 41, 50 59, 59
1 2210 2180 59, 57 55 57, 56 59 — — — —

2210 57, 64 62, 61
3360 76, 70 76, 72

3 3380 3315 70, 76 73 73, 70 74 — — — —
3200 70, 77 77, 74
4085 78, 75 70, 86 104, 94 91, 87

5 3925 3935 80, 83 79 77, 79 79 91, 98 97 89, 94 88
3800 80 81 100 80
4155 67, 75 86, 82 95, 84 93, 84

7 4070 4100 73, 80 73 79, 79 82 80, 88 87 80, 90 86
4070 72 85 89 83
5040 104, 92 102, 90 123, 113 118, 120

28 4950 4955 83, 96 94 91, 98 96 105, 105 112 118, 112 118
4880 96 98 112 120



4.5 Test Procedure

4.5.1 Inserting Sleeves in Fresh Concrete

Sleeves should be at center to center and edge distance of minimum 150 mm (6 in.). They are best pushed
in-place by a rocking and twisting action, Figure 4.10. Concrete inside the sleeve and the top of plastic
sleeve itself should then be tapped by fingers to insure good compaction for the BO specimen. Sleeves
should then be moved gently up and down in-place and brought to the same level as the concrete surface

TABLE 4.2 Results of Standard Cylinder Compressive Strength and BO Tests for Mixture 1 (45 MPa)

Cylinder BO Readings (bar)

Compressive Inserted Sleeve Slab Thickness (in.) Drilled Core Slab Thickness (in.)

Strength (psi) 5 7 5 7

Test Age 
(Days) Actual Average Actual Average Actual Average Actual Average Actual Average

2650 57, 58 61, 59
1 2760 2705 68, 59 60 52, 68 61 — — — —

2705 60, 60 60, 65
4880 85, 82 71, 81

3 4740 4820 79, 85 81 87, 70 76 — — — —
4845 72 71
5525 85, 87 89, 89 89, 87 89, 89

5 5465 5560 89. 79 84 78, 69 83 85, 95 91 84, 83 87
5685 78 89 100 92
5850 90, 88 92, 95 103, 96 94, 92

7 5215 5735 83, 87 87 90, 97 91 106, 97 100 104, 107 95
6135 85 80 97 81
6490 122, 103 95, 90 142, 125 105, 109

28 6100 6320 113, 109 110 103, 95 97 119, 143 129 108, 95 103
6365 103 101 115 100

TABLE 4.3 Results of Standard Cylinder Compressive Strength and BO Tests for Mixture 1 (55 MPa)

Cylinder BO Readings (bar)

Compressive Inserted Sleeve Slab Thickness (in.) Drilled Core Slab Thickness (in.)

Strength (psi) 5 7 5 7

Test Age 
(Days) Actual Average Actual Average Actual Average Actual Average Actual Average

2775 92, 85 56, 59
1 2760 2745 74, 80 85 74, 68 62 — — — —

2795 88, 91 67, 56
5020 108, 90 82, 97 98, 108 119, 108

3 4635 4865 90, 78 93 106, 84 95 108, 94 97 92, 91 110
4935 82, 92 97, 106 94, 79 90, 98
5555 107, 108 110, 95 110, 106 118, 111

5 5215 5335 108, 114 106 95, 110 103 105, 116 106 115, 119 115
5235 95 103 94 110
5820 117, 110 109, 112 117, 110 103, 106

7 6225 5920 125, 109 112 110, 107 106 99, 108 108 113, 115 109
5710 97 92 106 110
8310 119, 137 125, 120 113, 140 123, 124

28 8455 8150 123, 110 124 109, 108 118 117, 131 130 137, 124 129
7690 132 129 149 136



at its final position. For stiff mixes (i.e., low-slump concrete) a depression may occur within the confines
of the sleeve during the insertion process. In such cases the sleeve should be filled with additional concrete,
tapped with fingers, and slightly jiggled from side to side. On the other hand, for wet, high slump mixes,
the sleeve may move upward due to bleeding. For such cases, sleeves should be gently pushed back in-
place, as necessary, to the level of the finished concrete surface. Sometimes this process may have to be
repeated until the uplift movement stops after the initial setting has occurred. A small weight (1 kg) may
be placed on the sleeve in order to prevent its upward movement. Heavy grease, or other similar material,
should be used to lubricate the plastic sleeves for its easier removal after the concrete hardens. 

FIGURE 4.8  Plots of regression equations for inserted sleeve specimens for Mixtures 1, 2, and 3.

FIGURE 4.9  Plots of regression equations for drilled core specimens for Mixtures 1, 2, and 3
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4.5.2 Preparation for Core Drilling from Hardened Concrete

The finished concrete surface should be evaluated for sufficient smoothness in order to fix the vacuum
plate of the core drilling machine. The core barrel should be perpendicular to the concrete surface at all
times. The drilling process should be continued to the full depth required to produce a cantilever
cylindrical core of 70 mm (2.76 in.) length, with a groove at the top of the core for setting the BO tester
load cell. A slightly longer drilled core will not affect the BO reading, while a slightly shorter drilled core
will affect the BO reading (see Figure 4.11). 

4.5.3 Conducting the BO Test

At the time of the BO test, remove the inserted plastic sleeve by means of the key supplied with the tester
(Figure 4.6). Leave the plastic ring in place. Remove loose debris from around the cylindrical slit and the
top groove (see Figure 4.3). Select the desired range setting and place the load cell in the groove on the
top of the concrete surface so that the load is applied according to Figure 4.3. The load should be applied
to the test specimen at a rate of approximately one stroke of the hand pump per second. This rate is
equivalent to about 0.5 MPa (70 psi) of hydraulic pressure per second. After breaking off the test specimen,
record the BO manometer reading. This manometer reading can then be translated to the concrete
strength using curves relating the BO reading to the desired concrete strength (i.e., flexural and/or
compressive). 

FIGURE 4.10  Inserting sleeve by rocking action.

FIGURE 4.11  The BO drilled specimen dimensions: (A) The BO drilled specimen with the exact depth. (B) The
BO drilled specimen with depth greater than 2.76 in. (C) The BO drilled specimen with depth less than 2.76 in.
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4.5.4 The BO Tester Calibration Procedure

The BO tester should be calibrated, preferably each time before use, otherwise periodically. To calibrate
the tester, follow these steps:

1. Set the calibrator gauge to zero.
2. Place the calibrator in the load cell (Figure 4.12).
3. Set the load cell on the high setting.
4. Apply the load to the calibrator by pumping the handle until the load cell manometer reading is

100.
5. Record the dial gauge reading and compare it with the expected value obtained from the manu-

facturers calibration chart (Figure 4.13). The dial gauge value should be within 4% of the manu-
facturer’s chart value.

6. Repeat the above procedure for the low range setting. 

FIGURE 4.12  Calibrator placed in the load cell.

FIGURE 4.13  Calibrator chart as provided by the manufacturer.
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Adjustment of the BO tester is necessary if error in the reading obtained is greater than ±4% of the
expected value from the chart. For a well-calibrated tester, the needle on the manometer should move
five bars per one hand stroke, while the first and/or second strokes might not move it that much. A good
rate of applying the load would be one stroke per second.

4.5.5 Developing a Correlation Curve

The BO manufacturer provides correlation curves relating the BO reading and the compressive strength
of the standard 150  ¥ 300-mm cylinders and 150-mm cubes. Figure 4.14 is the manufacturer’s curves
for the high-range setting of the load cell, while Figure 4.15 is for the low-range setting (see Section 4.4).
This correlation is nonlinear and was empirically derived. The curve relating the BO reading and the
compressive strength is concaved upward. This seems to indicate that the BO tester is less sensitive for
higher concrete strengths. It should be noted that the manufacturer’s curves consider many variables.
However, knowing that concrete itself has inherent variability, a user should develop his or her own
correlation curves for a particular concrete batch. Developing correlation curves for different types of
concrete would efficiently increase the accuracy and dependability of the method in predicting the in-
place strength. 

FIGURE 4.14  BO manometer reading vs. concrete compressive strength, as provided by the manufacturer, for the
high-range setting.
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The following precautions should be taken when developing data for correlations:

1. Keep the center-to-center and the edge distances of at least 150 mm (6 in.) in the process of
inserting sleeves or drilling BO scores.

2. Obtain a minimum of five BO readings and three corresponding standard strength test specimens
values, i.e., cylinders for compressive strength, and beams for flexural strength, for each test age.

3. An average of the five BO readings and the average of the three standard cylinder test results
represent one point on the graph relating the BO reading to the desired standard strength of the
concrete.

4. Cover the range of concrete strengths expected in the project, at early as well as at later ages, such
as 1, 3, 5, 7, 14, and 28 days.

Regression equations between the mean values of the BO tests and standard strength tests should then
be developed after sufficient data points are obtained for the correlation curve. The least square method
can be applied to fit the best curve between the data points. The manufacturer’s correlation curve could
be used as a preliminary estimate only if no correlation chart has been obtained for the particular concrete
under consideration. The strength value obtained from the manufacturer’s correlation curves is consid-
ered only an approximation of the true in-place strength because it does not consider the combination
of concrete making materials for the specific concrete under investigation. 

4.6 Evaluation of Test Specimens

Before accepting a particular BO reading, the BO specimen tested should be examined to insure a “good”
test. The BO test specimen must be perpendicular to the concrete surface. A minimum center to center
and edge distance of 150 mm (6 in.) should be maintained. The failure plane should be approximately
parallel to the concrete surface. It must be at a depth of 70 mm (2.76 in.) from the finished surface. The

FIGURE 4.15  BO manometer reading vs. concrete compressive strength, as provided by the manufacturer, for the
low-range setting.
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presence of honeycombed concrete, excessive air voids, and/or reinforcement at the failure plane of test
specimens could shift the rupture plane from its intended place. Such test specimen results should be
rejected. The rejection criteria are somewhat dependent on the engineering judgment of the user. Figure
4.16 illustrates an example of irregular resistance mechanism to the applied BO force. In this special case,
two fairly large aggregates exist in the rupture plane in such a way that the combination of the two
particles could create a resistance couple. The rupture plane is forced to pass through the tensile particle,
as illustrated in Figure 4.16, because the aggregate has a large aggregate-mortar bond area. Such cases,
for example, could lead to a greater flexural resistance than that of other BO tests. Nishikawa and others10,18

report rejection of very few tests. Dahl-Jorgensen8 stated that less tests were rejected for the BO method
than that for the pullout method. None of the published research reports on a statistical rejection
technique that would provide a procedure for excluding bad test specimens, results, or personal judgment. 

It is important to note that the inserted sleeve BO specimen tends to be trapezoidal in shape rather
than cylindrical (the top diameter is 4 mm (0.16 in.) less than the bottom diameter), while it is exactly
cylindrical in the case of the BO drilled core specimen. However, inserted sleeve BO specimen reading
is not affected by the trapezoidal shape because the bottom diameter at the failure plane always remains
55 mm (2.17 in.).13–15 In evaluating inserted sleeve specimens, it is also reported that the drilled core
specimens give higher readings than the inserted sleeve specimens.13–15 This is because in the case of the
inserted sleeve specimens, the accumulation of bleed water under the bottom edge of the sleeve would
tend to create a weaker zone of concrete exactly where the failure plane for the BO inserted sleeve test
occurs.

4.7 Applications

The BO test can be used both for quality control and quality assurance. The most practical use of the
BO test method is for determining the time for safe form removal, and the release time for transferring
the force in prestressed or post-tension members. The BO method can also be used to evaluate existing
structures. It has been reported that the BO test provides a more effective way for detecting curing
conditions of concrete than the pullout and the standard cylinder tests.7–9,12,16

FIGURE 4.16  Rejected BO specimen due to presence of aggregate(s) in the failure plane.
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In 1982 the BO tester was used to control the time for safe form removal for a new Bank of Norway
building and an apartment building in Oslo. In 1983 the BO tester was used in England. The BO tester
has been used by the Norwegian Contractors Company, which was responsible for building off-shore
platforms for the oil fields in the North Sea. The BO method can also be used to measure the bonding
strength of overlays or the bonding between concrete and epoxy, but this usage has not been applied in
the field.12,16

4.8 Advantages and Limitations

The main advantage of the BO test is that it measures in-place concrete (flexural) strength. The equipment
is safe and simple; and the test is fast to perform, requiring only one exposed surface. The BO test does
not need to be planned in advance of placing the concrete because drilled BO test specimens can be
obtained. The test is reproducible to an acceptable degree of accuracy and correlates well with the
compressive strength of concrete.

Two limitations for the BO test equipment are worth noting: (1) the maximum aggregate size; and
(2) the minimum member thickness for which it can be used. The maximum aggregate size is 19 mm
(3/4 in.) and the minimum member thickness is 100 mm (4 in.). However, the principle of the method
can be applied to accommodate larger aggregate sizes or smaller members. The major disadvantage of
the BO test is that the damage to the concrete member must be repaired if the member is going to be
visible. However, this test is nondestructive since the tested member need not be discarded.

4.9 Standardization of the BO Method

In the 1980s, the BO method was standardized in England,3 Norway,19 and Sweden.20 In 1990, ASTM
adopted the method as Test Method C 1150.21 The method, however, was not used frequently in the field.
In 2002, ASTM discontinued the test method because “…the break-off test is not being used in North
America, and there is little use in other parts of the world. Therefore, without feedback based on field
experience, it is difficult to recommend meaningful revisions to this test method.”22 While the BO method
is not used widely, there may be applications where it is a useful technique to assess in-place strength,
and thus discussion of the method has been retained in this handbook.
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The Maturity Method*

5.1 Introduction
5.2 Historical Background

Maturity Functions • Strength–Maturity Relationships • 
Summary

5.3 Theoretical Basis
Strength Gain of Concrete • Maturity Functions • Experimental 
Results • Values of Activation Energy • Relative Strength Gain 
• Summary

5.4 Application of Maturity Method
Basic Principle • Maturity Instruments • Maturity Method 
Combined with Other Methods • Illustrative Examples • 
Maturity and Other Properties • Application to High-Strength 
Concrete • Application in Pavement and Bridge Construction 
• Summary

5.5 Standard Practice
Datum Temperature or Activation Energy • Strength–Maturity 
Relationship • Estimating In-Place Strength

5.6 Conclusion

This chapter reviews the history and technical basis of the maturity method, a technique for estimating
the strength gain of concrete based on the measured temperature history during curing. The combined
effects of time and temperature on strength gain are quantified by means of a maturity function. Various
maturity functions are reviewed critically. It is shown that the traditional Nurse----Saul maturity function
is inferior compared with the function based on the Arrhenius equation. The concept of equivalent age,
which is the most convenient measure of maturity, is explained. The strength gain of a specific concrete
mixture is estimated using the measured maturity and the strength vs. maturity relationship for that
mixture. Various proposed strength----maturity relationships are reviewed. It is explained why the maturity
method can only be used reliably to estimate relative strength. Examples are presented to illustrate how
this technique can be used in combination with other in-place tests of concrete strength. The ASTM
standard dealing with the method is also summarized.

5.1 Introduction

As is well known, the strength of a given concrete mixture, which has been properly placed, consolidated,
and cured, is a function of its age and temperature history. At early ages, temperature has a dramatic
effect on strength development. This temperature dependence presents problems in trying to estimate
the in-place strength based on strength development data obtained under standard laboratory conditions.
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Around 1950, an approach was proposed to account for the combined effects of time and temperature
on strength development of concrete. The motivation was the need for a method to estimate the effects
of steam curing treatments on strength development. Subsequently, application of the method was
extended to ordinary curing conditions. It was proposed that the measured temperature history during
the curing period could be used to compute a single number that would be indicative of the concrete
strength. Saul called this single factor “maturity,” and he proposed the well-known “maturity rule” for
estimating the strength of concrete.1

Following the publication of the maturity rule, there were reports of its validity.2,3 There were, however,
reports of cases where the method failed.4-6 From the time of the initial proposal, extensive research has
been performed and modifications have been proposed for improving the accuracy of strength estimated
from temperature history. Today, the maturity method is viewed as a useful and simple means for
accounting approximately for the complex effects of time and temperature on strength development.
The method is used during the curing period and is not applicable to existing concrete structures. Various
standards and recommended practices dealing with curing, cold weather protection, and formwork
removal refer to the maturity method.7–11

The objective of this chapter is to provide the reader with the knowledge needed to correctly use the
maturity method to estimate the strength of concrete in a structure while concrete is curing. The chapter
begins with a brief review of the historical developments leading to current practice. This is followed by
an analytical treatment of concrete strength gain to establish the basis for maturity method. After the
theoretical development, practical aspects in applying the technique are discussed. Last, a standard
practice11 for implementing the maturity method is summarized.

5.2 Historical Background

A comprehensive review of the maturity method prior to 1971 was published by Malhotra.12 Therefore,
only a brief history is presented in this section. First, the various maturity functions that have been
proposed to account for the effects of temperature and time on strength development are discussed. This
is followed by a discussion of the relationships that have been proposed to represent strength development
as a function of maturity.

5.2.1 Maturity Functions

Maturity functions are used to convert the actual temperature history of the concrete to a factor that is
indicative of how much strength has developed. The roots of the earliest maturity function are found in
a series of papers dealing with accelerated curing methods for concrete. In 1949, McIntosh13 reported on
experiments to develop procedures to estimate the strength development of concrete during electric
curing. He suggested that the product of time and concrete temperature above a datum temperature
could be used to summarize the effects of the curing history. A datum temperature of -1.1°C (30°F) was
suggested, and the product of time and temperature above the datum temperature was called the “basic
age.” However, it was found that when strength development at different temperatures was plotted as a
function of basic age, there was not a unique relationship. McIntosh concluded that the strength devel-
opment of concrete was governed by more complex factors than a simple product of temperature and
time.

Soon after publication of McIntosh’s work, Nurse14 wrote on the principles of low-pressure steam
curing. He also suggested that the product of time and temperature could be used to summarize the
effects of different steam curing cycles. Nurse did not suggest using a datum temperature, and his
calculations involved the curing chamber temperatures, not the actual concrete temperatures. Neverthe-
less, he showed that when the relative strength development was plotted as a function of the product of
time and temperature, the data for different concretes and curing cycles fell reasonably close to a single
nonlinear curve. This was the first evidence to show that the product of time and temperature could be
used to approximate the combined effects of these two factors on strength development. 



In 1951, Saul1 summarized the conclusions drawn from research on the principles of steam curing
performed at the Cement and Concrete Association in England. The term maturity was for the first time
linked to the product of time and temperature. Saul suggested that maturity should be calculated with
respect to a “datum temperature,” which is the lowest temperature at which strength gain is observed.
Thus, maturity is computed from the temperature history using the following:

  (5.1)

where
M = maturity* at age t
T = average temperature of the concrete during time interval  Dt

T0 = datum temperature

This equation has become known as the Nurse-Saul function. In using Equation 5.1, only time intervals
in which the concrete temperature is greater than T0 are considered as contributing to strength gain. If
the concrete temperature is plotted vs. age, Equation 5.1 is simply equal to the area between the datum
temperature and the temperature curve. This concept is demonstrated in Figure 5.1, which shows the
temperature history at a particular point in a concrete member; the shaded area represents the maturity
(temperature-time factor) at age t*.

Saul recognized that once concrete has set it will continue to harden (gain strength) at temperatures
below 0°C (32°F). Thus, he recommended a datum temperature of -10.5°C (13°F) for use in Equation
5.1. In 1956, Plowman3 reported the results of a study designed to determine the temperature at which
concrete, which has previously undergone setting, ceases to gain strength with time. Based on test data,
Plowman suggested a value of -12°C (11°F) for the datum temperature. Generally, a value of –10°C
(14°F) has been used in subsequent applications of the Nurse–Saul function. 

In his 1951 paper, Saul presented the principle that has become known as the “maturity rule”:1

Concrete of the same mix at the same maturity (reckoned in temperature–time) has approximately
the same strength whatever combination of temperature and time go to make up that maturity.

In applying the rule to steam-cured concrete, Saul noted that this principle was valid provided the
concrete temperature did not reach about 50°C within the first 2 h or about 100°C within the first 6 h
after the start of mixing. If the early-age temperature rise was excessive, the Nurse–Saul maturity function
underestimated strength during the first few hours of treatment and the strength at later ages was adversely
affected. Thus, Saul recognized important limitations of the maturity rule and the Nurse–Saul maturity
function. These limitations are discussed further in the next section. 

FIGURE 5.1  The Nurse–Saul maturity function.
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The Nurse–Saul function can be used to convert a given temperature–time curing history to an
equivalent age of curing at a reference temperature as follows:

  (5.2)

where
te = equivalent age at the reference temperature

Tr = reference temperature

In this case equivalent age represents the duration of the curing period at the reference temperature that
would result in the same maturity as the curing period at other temperatures. The equivalent age concept,
originally introduced by Rastrup,15 is a convenient method for using other functions besides Equation
5.1 to account for the combined effects of time and temperature on strength development.

Equation 5.2 can be written as follows:

  (5.3a)

where

  (5.3b)

The ratio a, which is called the “age conversion factor,” has a simple interpretation: it converts a curing
interval Dt to the equivalent curing interval at the standard reference temperature. For example, if T0 =
-10°C (14°F), a curing period of 2 h at 43°C (109°F) is equivalent to 1.6 ¥ 2 = 3.2 h at 23°C (73°F).
Note that according to Equation 5.3, the age conversion factor is a linear function of the curing temper-
ature. This is an important characteristic of the Nurse–Saul function and it helps explain some of its
observed deficiencies.

Saul’s introduction of the maturity rule was an outgrowth of studies dealing with accelerated curing.
In 1953, Bergstrom2 demonstrated that the maturity method was equally applicable for curing at normal
temperatures. He used the maturity method to analyze previously published data on the effects of
temperature on strength development. To calculate maturity, Bergstrom assumed that the temperatures
of the concrete specimens were the same as the ambient curing temperatures. He found that, for a given
concrete, there was generally little deviation of the strength data from a common strength vs. maturity
curve.

In 1954, Rastrup15 proposed the following function for equivalent age, which was based on a “well-
known axiom from physical chemistry which states: the reaction velocity is doubled if the temperature
… is increased by 10°C.”

  (5.4)

For example, a curing period at 43°C (109°F) is equivalent to four times the same curing period at 23°C
(73°F). Wastlund16 reported, however, that subsequent studies at the Swedish Cement and Concrete
Research Institute showed that over a wide temperature range the Rastrup function was not as accurate
as the Nurse–Saul function in representing the effects of time and temperature.

In 1956, Plowman3 presented a landmark paper on the maturity method. He made standard concrete
cubes that were cured at temperatures varying between -11.5 and 18°C (11 to 64°F). Cubes were tested
at regular intervals, and he demonstrated that for each mixture there was a unique relationship between
strength and maturity. An important detail in Plowman’s procedure was that all specimens were initially
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cured at a normal curing temperature (16 to 19°C, or 61 to 66°F) for 24 h before being exposed to the
different curing temperatures. Thus, the early-age temperature histories of all specimens were identical
and their long-term strengths were approximately equal. As will be made clearer, this is why Plowman
was able to obtain unique strength–maturity relationships for each mixture.

In 1956, a series of papers dealing with the maturity method was presented at the first RILEM
Symposium on Winter Concreting. McIntosh4 reported on the results of a study in which specimens
were exposed to different early-age temperatures. For equal maturities (based on the Nurse–Saul func-
tion), it was shown that specimens exposed to low early-age temperature were weaker at early maturities
and stronger at later maturities than specimens exposed to a higher early-age temperature. It was
concluded that a maturity function based on the product of time and temperature above a datum value
cannot account for the “quality of cure” as affected by initial curing temperature. Two years later, Klieger5

also noted that initial curing temperature influenced the shape of the strength–maturity relationship.
In 1962, Alexander and Taplin6 reported the results of a study to determine whether strength gain

of concrete and cement paste obeyed the maturity rule for curing at different temperatures (5, 21, and
42°C, or 41, 70, and 108°F). Maturity was calculated using the Nurse-Saul function. In agreement
with previous observations of McIntosh and Klieger, they found that the curing temperature had
systematic effects on the strength–maturity relationships of the pastes and concretes. The nature of
the effects is summarized schematically in Figure 5.2. At the same value of low maturity, a high curing
temperature results in greater strength than a low curing temperature. Conversely at later maturities,
a high curing temperature results in lower strength. If Saul’s maturity rule were correct, there should
be a single strength–maturity curve.

In 1968, Verbeck and Helmuth17 presented a qualitative explanation for the “crossover effect” illustrated
in Figure 5.2. They suggested that a higher initial temperature results in more than a proportional increase
in the initial rate of hydration. Therefore, during the early stage of curing, when there is rapid strength
development, the strength of concrete cured at the high temperature is greater than that of concrete
cured at a lower temperature despite having the same maturity according to the Nurse–Saul function.
With rapid hydration, however, reaction products do not have time to become uniformly distributed
within the pores of the hardening paste. In addition, “shells” made up of low permeability hydration
products build up around the cement grains. The nonuniform distribution of hydration products leads
to more large pores that reduce strength, and the shell impedes hydration of the unreacted portion of
the grains at later ages. Thus, the lower long-term strength under high curing temperature may be a
result of the inability of the cement grains to continue hydrating due to the “shell” of low permeability
reaction products. 

In the late 1960s, there surfaced a new interest in the maturity method. Swenson18 used the method
in a failure investigation to estimate the concrete strength at the time of the collapse. In the United States,
Hudson and Steele19,20 proposed the maturity method to estimate the 28-day strength of concrete based
on tests at early ages. Their results were later incorporated into an ASTM Standard.21

FIGURE 5.2  The effect of early-age curing temperature on the strength–maturity relationship.
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Weaver and Sadgrove22 used the equivalent age concept to develop a manual for formwork removal
times under various temperature conditions. They suggested the following new expression to calculate
the equivalent age at 20°C (68°F):

  (5.5)

It was reported that Equation 5.5 gave better strength estimates at low maturity values than the Nurse–Saul
function, Equation 5.2. In a later report,23 Sadgrove noted that, at later maturities, the Nurse–Saul
function was more accurate than Equation 5.5.

In the mid 1970s, several reports from Canada appeared dealing with application of the maturity
method under field conditions. Bickley24 reported using it during slipforming of the C.N. Tower in
Canada; Mukherjee25 reported its use for estimating the in-place strength of slabs; and Nisbett and
Maitland26 used the method for in-place strength estimation on a canal bypass project.

In 1960, Copeland et al.27 suggested that the effects of temperature on the early rate of hydration of
cement could be described by the Arrhenius equation. In 1977, Freiesleben Hansen and Pedersen28

suggested the following expression for equivalent age based on the Arrhenius equation:

  (5.6)

where
te = equivalent age at the reference curing temperature
T = average temperature of concrete during time interval  Dt, °C
Tr = reference temperature, °C
E = activation energy, J/mol
R = universal gas constant, 8.3144 J/(mol K)

In Equation 5.6, the exponential function is the age conversion factor and is expressed in terms of the
absolute temperature. The exact shape of the curve describing the variation of the age conversion factor
with temperature depends on the value of E, which according to Freiesleben Hansen and Pedersen had
the following values:

for T ³ 20°C

E = 33,500 J/mol (5.6a)

for T < 20°C

E = 33,500 + 1470 (20 – T) J/mol (5.6b)

At this point it is helpful to compare the various age conversion factors that have been proposed for
computing equivalent age. Figure 5.3 shows the age conversion factors given by Equations 5.3 through
5.6 for a reference temperature of 20°C (68°F). There are several notable observations. For temperatures
below 20°C (68°F), the three nonlinear equations give similar results and the age conversion factors are
lower than those obtained from the linear Nurse–Saul function. For temperatures above 20°C (68°F),
the linear function yields the lowest age conversion factors, and the nonlinear functions diverge. Equations
5.5 and 5.6 give similar results that are significantly lower than the Rastrup function, Equation 5.4. Which
of these functions is the most accurate? In independent studies of various maturity functions, Byfors29

and Naik30 demonstrated that, over a wide temperature range, the function based on the Arrhenius
equation, Equation 5.6, was best able to account for the effects of temperature on strength gain. The next
section of this chapter discusses the basis for the maturity method and explains why Equation 5.6 has
been found to be superior to other maturity functions. 
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As a result of its investigations of construction failures involving concrete, the U.S. National Bureau
of Standards* (NBS) undertook research on the application of the maturity method as a tool for estimating
in-place strength of concrete at early ages. Studies at the NBS demonstrated that the Nurse–Saul function
was applicable under certain conditions, but they showed also that the function had deficiencies. Lew
and Reichard31 reported that the Nurse–Saul function could be used to estimate the development of other
mechanical properties of concrete besides compressive strength. The development of indirect tensile
strength, modulus of elasticity and pullout bond strength of steel bars under different curing temperatures
could be related to maturity (temperature–time factor). The initial concrete temperature was constant
for all specimens, and specimens were moved into the different temperature chambers soon after molding
had been completed.

In a later study at NBS,32 the applicability of the maturity method under simulated field conditions
was investigated. Three different concrete mixtures were used to fabricate slabs containing push-out
cylinder molds as described in ASTM C 873.33 In addition, push-out cylinder molds were filled with
concrete and stored in a moist curing room. The slabs were cured outdoors (during the spring). The
objective was to determine whether the strength–maturity relationships for the field-cured push-out
cylinders were the same as those for the companion laboratory-cured cylinders. The results of this study
were perplexing: for one mixture there was good agreement between the strengths of field-cured and
laboratory-cured specimens at equal temperature–time factors. For the other mixtures there were signif-
icant differences. Examination of the temperature histories of all specimens revealed that, for those two
mixtures, the outdoor-cured specimens experienced different early-age temperatures than the laboratory-
cured specimens. Specimens with higher early-age temperatures resulted in lower long-term strength.
Therefore, a unique strength–maturity relationship did not exist for a single concrete mixture. Thus, the
“crossover” effect reported in 1956 by McIntosh4 resurfaced. Subsequent tests at the NBS confirmed the
importance of early-age temperature on the resulting strength–maturity relationship, and it appeared
that “early age” could be as early as the first 6 h.

NBS later embarked on a fundamental study of the maturity method to gain a basic understanding
of the cause of the “crossover” effect and to develop alternative procedures to eliminate the problem.34–37

The findings of this study are reviewed in Section 5.3, dealing with the basis of the maturity method,
where the inherent deficiencies of the maturity rule and the Nurse–Saul function are explained.

5.2.2 Strength–Maturity Relationships

The previous subsection reviewed functions proposed to calculate a maturity index (temperature–time
factor or equivalent age) based on the temperature history of the concrete. Proposed functions to relate

FIGURE 5.3  Various proposed functions to represent temperature dependence of the age conversion factor used to
compute equivalent age.

*Name has been changed to the National Institute of Standards and Technology.
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concrete strength to the maturity index are considered next. In this discussion, the term maturity refers
to either temperature–time factor computed using the Nurse-Saul function or equivalent age computed
using any of the maturity functions.

In 1956, Nykanen38 proposed an exponential strength–maturity relationship as follows:

  (5.7)

where
S = compressive strength

S• = limiting compressive strength
M = maturity index
k = a constant

The limiting compressive strength is a function of the water–cement ratio. The constant k is related to
the initial rate of strength development. According to Nykanen, the value of k is expected to depend on
the water–cement ratio and the type of cement.

Plowman3 observed that when strength was plotted as a function of the logarithm of maturity (based
on the Nurse–Saul function) the data fell very close to a straight line. Therefore, he suggested the
following strength–maturity relationship:

  (5.8)

The constants a and b are related to the water–cement ratio of the concrete and the type of cement. The
publication of this relationship led to controversial discussions.39 The following major points were raised,
indicating the limitations of Plowman’s proposal:

• The relationship predicts ever-increasing strength with increasing maturity.
• The linear relationship is not valid at very early maturities.
• Only intermediate maturity values result in an approximately linear relationship between strength

and the logarithm of maturity.

In 1956, Bernhardt40 proposed a hyperbolic strength–maturity relationship. A similar function was
independently proposed by Goral41 to describe the development of strength with age at a constant
temperature. Later, Committee 229 of the American Concrete Institute (ACI) adopted the same function
to estimate concrete strength at different ages.42 In 1971, Chin43 proposed the same function and described
a procedure to evaluate the function for given data. The hyperbolic strength–maturity function can be
expressed in the following form:

  (5.9)

where
M = maturity index
S• = limiting strength
A = initial slope of strength–maturity curve

The shape of this curve is controlled by the value of the initial slope. Figure 5.4A shows two curves
that obey Equation 5.9, but have different initial slopes. As the initial slope increases, strength approaches
the limiting strength S• more rapidly as maturity increases. 

The hyperbolic equation can be transformed into the following linear equation:

S S ekM= -•( )1

S a b M= + log( )

S
M

A

M

S

=
+

•

1



  (5.10)

Thus, if test data obey the hyperbolic function, the data would lie on a straight line when the inverse of
strength is plotted vs. the inverse of the maturity index. The intercept of the line equals the inverse of
the limiting strength, and the slope of the line equals the inverse of the initial slope of the hyperbolic
curve. Figure 5.4B shows the straight lines representing the two hyperbolas in Figure 5.4A. Because the
hyperbolas have the same limiting strength, the straight lines have the same intercept. Note that a steeper
straight line corresponds to a lower rate of initial strength gain.

FIGURE 5.4  (A) Hyperbolic strength–maturity relationships having different initial slopes but the same limiting
strength. (B) Plotting the reciprocal of strength vs. the reciprocal of maturity index transforms hyperbolic curves in
Part A into straight lines. (C) Hyperbolic strength–maturity relationship using an offset maturity.
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Chin demonstrated that the hyperbolic function fitted his data well,44 and a similar good fit was
obtained in one of the NBS studies.32 The author45 of this chapter pointed out, however, that Equation
5.9 is not a good representation of the strength–maturity function at low values of maturity index. The
reason is because Equation 5.9 assumes that strength development begins at M = 0. In reality, strength
development does not begin until after setting has occurred. Therefore, following an idea first suggested
by McIntosh,4 the author introduced an “offset” maturity, M0, to account for the fact that strength
development does not begin until a finite value of the maturity index has been reached.34 Thus, Equation
5.9 is modified into the following form:

  (5.11)

Figure 5.4C is a plot of Equation 5.11. The hyperbola in Figure 5.4C is similar to curve 1 in Figure 5.4A,
except that the curve has been shifted to the right by a value equal to M0. The linear transformation of
Equation 5.11 is similar to Equation 5.10 except that the term (M – M0) replaces M. If the offset maturity
is not used, actual strength–maturity data at low maturities (generally corresponding to strengths below
one half the limiting strength) will not follow a straight line when the inverse plot is used.45

Lew and Reichard46 proposed another strength–maturity relationship. Based on their test data and
previously published data, they recommended the following strength–maturity relationship:

  (5.12)

This function was proposed as an improvement of Plowman’s equation (Equation 5.8) in that strength
approached a limiting value with increasing maturity. The coefficient b was found to vary between –1.5
and –4.3, depending on the water–cement ratio and type of cement. The coefficient D, which is related
to the rate of strength gain, was also found to depend on water–cement ratio and type of cement. The
coefficient K is the limiting strength, which was of course found to depend strongly on the water–cement
ratio and to a lesser degree on the type of cement. The three coefficients for Equation 5.12 were based
on using the Nurse–Saul maturity function with T0 = –12.2°C (10°F). An offset maturity index, M0, of
16.7°C-days (30°F-days) represented the maturity index below which compressive strength was effectively
zero. Plots were provided46 showing the variation of the coefficients for different water–cement ratios
and cement types (ASTM Type I and III). It was suggested that a user could determine an approximate
strength–maturity relationship for a particular concrete mixture by choosing the appropriate values of
K, D, and b from the published figures.

Freiesleben Hansen and Pedersen47 suggested that the strength–maturity relationship should be similar
to the relationship between heat of hydration and maturity. They proposed the following strength–matu-
rity relationship:

  (5.13)

where
S• = limiting strength

M  = maturity index
t = characteristic time constant
a = shape parameter

This relationship attempts to model the early part of the strength gain curve of concrete in that rapid
strength development begins after a certain maturity has been attained. Figure 5.5 shows three curves
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that obey Equation 5.13, but have different values of the time constant and shape parameter. To accentuate
the differences among the curves, strength is plotted as a function of the logarithm of maturity. Curve
2 has the same value of the shape parameter, a, as curve 1 but has a higher value of the time constant,
t. Curve 3 has the same value of  t as curve 1 but has a higher value of a. The time constant has the
following significance: when the maturity equals the value of  t, the strength = S•/e = 0.37 S•. It is seen
that changing the value of the time constant preserves the same general shape of the curve while shifting
it to the left or right. Changing the value of the shape parameter alters the shape of the curve. As the
value of a increases, the curve has a more pronounced S shape, as shown by curve 3. 

Which of these various strength–maturity relationships best represents actual strength gain data? Table
5.1 lists compressive strength vs. age data for concrete cylinders cured in a water bath maintained at 23°C
(73°F). The mixture had a water–cement ratio of 0.45 and was made with Type I cement. These data
were used to obtain the best-fit curves for the strength–maturity relationships that have been discussed.
The maturity index is taken to be the equivalent age at 23°C (73°F). Therefore, the ages in Table 5.1 are
equivalent ages at 23°C (73°F). The strength data and the various best-fit curves are plotted in Figure
5.6. It is seen that for strength below about 50% of the limiting strength, all curves accurately describe
strength development. At higher strength levels, however, the relationships proposed by Nykanen (Equa-
tion 5.7) and by Plowman (Equation 5.8) do not model strength gain as accurately as the others. For the
data in Table 5.1, Equations 5.11, 5.12, and 5.13 provide accurate representations of the actual strength
gain, and the only differences among them are the values of the limiting strength. 

FIGURE 5.5  Effect of the time constant (a) and shape parameter ( t) on the strength–maturity relationship given
by Equation 5.13.

FIGURE 5.6  Comparison of various strength–maturity relationships with measured compressive strength of
cylinders.
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5.2.3 Summary

This section has presented a brief review of the history of the maturity method. Various maturity functions
have been proposed to account for the effects of time and temperature on the strength development of
concrete. It is now generally recognized that the traditional Nurse–Saul function does not accurately
represent time–temperature effects. Other maturity functions have been proposed that are more accurate
than this traditional function. These functions are convenient to apply if the equivalent age approach is
used to represent the maturity index.

This section has also reviewed some of the proposed functions to represent the relationship between
maturity index and strength development. These relationships are useful in computer applications of the
maturity method, where the functions are used to estimate the strength based on the measured maturity
of the in-place concrete. Regardless of which relationship is chosen, the key point is that the coefficients
that define the exact shape of the curves depend on the particular concrete mixture.

The next section presents a theoretical basis for the maturity method. At the same time, it explains
why some maturity functions are superior to others.

5.3 Theoretical Basis

The Nurse–Saul function was proposed as an approximate method to account for the effects of time and
temperature on concrete strength, but its theoretical basis was not explained. Its applicability was based
on empirical evidence. In this section, the general form of the maturity function is derived, and it is
shown that Equation 5.1 arises by assuming a specific type of behavior. It is also shown why other maturity
functions are superior to the Nurse–Saul function.

5.3.1 Strength Gain of Concrete

The development of a mathematical expression to describe the compressive strength development of
concrete is discussed first. The derivation follows ideas originally presented in 1956 by Bernhardt.40 The
rate of strength gain (dS/dt) at any age (t) is assumed to be a function of the current strength (S) and
the temperature (T), that is,

  (5.14)

TABLE 5.1 Compressive 
Strength vs. Age at 22°C (w/c = 
0.45, Type I Cement)

Compressive Strengtha

Age (days) (MPa) (psi)

0.45
0.98
2.06
4.33
7.11

14.11
28.06

4.1
13.5
19.5
27.2
31.8
36.4
41.9

595
1960
2835
3950
4620
5290
6080

a 100 ¥ 200-mm (4 ¥ 8 in.) cylinders.
Source: Tank, R.C. and Carino, N.J.,
ACI Mater. J., 88(1), 74, 1991. 
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where
f(S)  = a function of strength
k(T) = a function of temperature

Based on empirical evidence, Bernhardt proposed that

  (5.15)

where
S•  = limiting strength at infinite age

Note that when strength begins to develop f(S) = S•. Therefore, the initial rate of strength development
is

  (5.16)

The temperature function k(T) is called the rate constant because it affects the initial rate of strength
development.

If S• is assumed to be independent of curing temperature and Equation 5.14 is combined with Equation
5.15, the following integral equation is obtained:

    (5.17)

Equation 5.17 departs from Bernhardt’s original derivation by introducing the condition that strength
gain does not begin until some time, t0, after mixing. This approximation is introduced to account for
the induction period between initial mixing and the start of strength gain described by Equation 5.16.

Note that the integral on the right side of Equation 5.17 involves the product of a temperature-
dependent function and time. This integral is the general form of the maturity function, and it will be
denoted as M(t,T):

  (5.18)

Integrating the left side of Equation 5.17 and rearranging terms, one obtains the following general
strength–maturity relationship:

  (5.19)

Comparing Equation 5.19 with Equation 5.9, one sees that they have similar forms. Hence there is a
basis for the hyperbolic strength–maturity function proposed by Chin.43

Let us now take a closer look at the nature of the maturity function given by Equation 5.18 by
considering strength development under constant and variable temperature curing.
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5.3.2 Maturity Functions

5.3.2.1 Isothermal Conditions

When curing temperature is constant, the temperature function k(T) has a constant value. Therefore,
the maturity function becomes

  (5.20)

where
kT = value of the rate constant at the curing temperature

The strength–maturity relationship, Equation 5.19, becomes the following strength–age relationship:

  (5.21)

A plot of Equation 5.21 would be identical to the hyperbolic curve shown in Figure 5.4C except that the
units for the X-axis would be age rather than maturity index. An interesting feature of the hyperbolic
curve is that the inverse of the rate constant (1/kT) equals the time beyond t0 needed to reach 50% of the
limiting strength.

An expression similar to Equation 5.21 was derived elegantly by Knudsen48,49 using a completely
different approach from that given here. He worked with the degree of hydration of cement rather than
concrete strength. He considered the reaction kinetics of the individual cement grains and the particle
size distribution of the grains. The key assumptions in Knudsen’s derivation are as follows:

• All cement particles are chemically similar and need be classified only according to their size.
• The cement particles react independently.
• The particle size distribution is described by an exponential equation.
• The kinetic equation for hydration of each particle is also described by an exponential equation.

Knudsen called the results of his derivation the “dispersion model” because the particle size distribution
of the cement grains was found to play a dominant role in the overall hydration behavior. According to
Knudsen,48–50 Equation 5.21 is valid when individual cement particles obey linear kinetics.*

Knudsen demonstrated48,49 that the hyperbolic equation given by Equation 5.21 is valid for strength
development and any other property of concrete that is directly related to the extent of cement hydration.
In addition, he showed that the rate constant, kT, depends on the particle size distribution of the cement
and the rate constant for each particle (which is temperature dependent). The importance of the particle
size distribution on the rate constant was also discussed by Bezjak and Jelenic.51

Knudsen’s assumption that cement particles react independently is significant. As is well known,
hydration products form in the water-filled spaces between cement particles. As the water–cement ratio
is lowered, the distance between cement particles is reduced. Therefore, particle interference increases
and one would expect the hydration rate to decrease. Thus, Knudsen48 noted that the assumption of
particle independence would be expected to be violated at very low water–cement ratios. Copeland and
Kantro52 showed, however, that for a low water–cement ratio, the effects of particle interference on
hydration are not significant at early ages. Knudsen concluded that the assumption of independent
particle reaction was not seriously violated at a water–cement ratio as low as 0.4.48 Thus, it is expected
that the rate constant should be independent of the water–cement ratio during the early stages of
hydration.

*Parabolic kinetics applies when hydration is controlled by diffusion. For parabolic kinetics, Equation 5.21 is

modified by substituting the term  in place of (t - t0).
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In summary, the hyperbolic curve given by Equation 5.20 appears to be a soundly based approximation
of the strength development of concrete under constant curing temperature. As was shown in Equation
5.18, the integral of the rate constant with respect to time is the general form of the maturity function.
The following section examines how the temperature dependence of the rate constant affects the specific
form of the maturity function when the curing temperature is not constant.

5.3.2.2 Variable Temperature Conditions

When the curing temperature is not constant, the temperature function k(T) is not constant. Therefore,
the temperature dependence of the rate constant must be considered in computing the maturity index.
The simplest case is to assume a linear relationship, that is,

  (5.22)

where
T0  = the temperature corresponding to k(T) = 0
K  = slope of the straight line

Substituting Equation 5.22 into Equation 5.17, one can express the maturity function as

  (5.23)

The two terms on the right-hand side of Equation 5.23 are time–temperature factors based on the
Nurse–Saul function, Equation 5.1. If these terms are called M and M0, the maturity function is

  (5.24)

Substituting Equation 5.24 into Equation 5.19, we obtain the following strength–maturity relationship:

  (5.25)

It can be shown that Equation 5.25 is identical to Equation 5.11 by making the substitution A  = KS• .
The above derivation shows that if the rate constant, k(T), is assumed to vary linearly with the curing

temperature, the resulting maturity function is the traditional Nurse–Saul function. Thus, the funda-
mental assumption of the Nurse–Saul function is revealed, namely, the rate constant is a linear function
of temperature.

At this point, it is helpful to examine the relationship between equivalent age and the general maturity
function. Equivalent age represents the age at a reference curing temperature that results in the same
maturity as under the actual curing temperature. Using Equation 5.18 and performing the integration
from t = 0, we obtain the following:

  (5.26a)

  (5.26b)
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where
te = equivalent age at the reference temperature, Tr,
kr = value of the rate constant at the reference temperature

Hence the ratio of value of the rate constant at any temperature to the value at the reference temperature
equals  a, the age conversion factor* previously mentioned. When the rate constant is a linear function
of temperature, Equation 5.26b is similar to the previous Equation 5.2, which was based on the Nurse–Saul
function.

There is, however, no technical basis for the linear temperature dependence of the rate constant. Since
hydration is an exothermic chemical reaction, it is reasonable to assume that the rate constant should
vary with temperature according to the Arrhenius equation, that is,

  (5.27)

where
b = a constant
E = activation energy
R = universal gas constant

The age conversion factor obtained using Equation 5.27 is identical to the relationship proposed by
Freiesleben Hansen and Pedersen,28 which was previously given as Equation 5.6.

In summary, the mathematical form of the age conversion factor depends on the function used to
represent the variation of the rate constant with temperature. Different rate constant vs. temperature
functions account for the different curves in Figure 5.3. The next step is to examine how the actual
variation of the rate constant with temperature compares with these proposed functions.

5.3.3 Experimental Results

Strength–age data for mortar cubes cured at constant temperatures of approximately 5, 12, 23, 32, and
43°C (41, 54, 73, 90, and 109°F) are used to compare the temperature dependence of the rate constant
with the linear and Arrhenius functions. Two mortar mixtures, having water–cement ratios of 0.43 and
0.56, were used to prepare 51-mm (2-in.) cubes. The specimens were prepared in an environmental
chamber at the above curing temperatures, and the molded cubes were stored in water baths maintained
within ±1°C (2°F) of the nominal values. For each curing temperature, three cubes were tested in
compression at each of seven test ages. Complete test results are given elsewhere.34,37

The strength–age data for each curing temperature was fitted by the hyperbolic relationship given by
Equation 5.21, which can be transformed into the following linear equation:

  (5.28)

There are several approaches to estimate the values of the three parameters (S• , kT, and t0). The simplest
approach is to use a general least-squares curve fitting computer program (such as Reference 54). This
procedure was used in Reference 34. Another approach involves trial and error. A value t0 is assumed
and the values of S•  and kT are evaluated using linear regression analysis of the transformed data, that
is, 1/S vs. 1/(t – t0). The procedure is repeated for different values of t0 until the best fit is obtained. A
third alternative was suggested by Knudsen48 and it is discussed here because of its usefulness if a general
least-squares curve-fitting program is not available.

*This ratio has also been called the “affinity” ratio.53
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First, the limiting strength, S• , is evaluated by considering strength–age data at later ages. For later
age data, we can make the approximation (t – t0) = t, and Equation 5.28 can be rewritten as follows:

  (5.29)

Thus, a plot of 1/S vs. 1/t is a straight line. The intercept of the line is obtained from linear regression
analysis, and the inverse of the intercept equals the limiting strength. It was found37 that strength data
for equivalent ages beyond about 7 days should be used for this step.

Using the estimated the value of S• , Equation 5.21 can be written in following form to estimate kT

and t0:

  (5.30)

Thus, a plot of S/(S• - S) vs. age is a straight line having a slope kT, which can be evaluated by linear
regression analysis. The value of t0 is equal to the negative value of the intercept divided by the slope. It
was found37 that strength data for equivalent ages up to about 3 to 4 days should be used for this step
to obtain the best estimates of kT and t0.

The complete results of the above two-step procedure are given in Reference 37, and the resulting
values of kT are listed in Table 5.2. Figure 5.7 shows the values of kT in Table 5.2 plotted as a function of
the curing temperature. It is seen that over the temperature range 5 to 43°C (41 to 109°F) the rate
constant is a nonlinear function of temperature. These particular data show that water–cement ratio
does not have a significant effect on the rate constant, which is consistent with Knudsen’s findings.48

TABLE 5.2 Values of Rate Constant Based on Compression Tests of 
Mortar Cubes

w/c = 0.43 w/c = 0.56

Curing Temperature (°°°°C) kT (day–1) Curing Temperature (°°°°C) kT (day–1)

5.5
13.0
23.5
32.0
43.0

0.116
0.184
0.341
0.571
1.031

5.5
12.5
23.0
32.0
43.0

0.087
0.203
0.313
0.577
0.944

Source: Carino, N.J., ASTM J. Cem. Concr. Aggregates, 6(2), 61, 1984. 

FIGURE 5.7  Variation of rate constant with temperature; results from tests compared with linear and Arrhenius
equations.
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First, consider whether the Arrhenius equation, Equation 5.27, describes the variation of the rate
constant with curing temperature. By taking the natural logarithm of Equation 5.27, the following is
obtained:

  (5.31)

Thus, the Arrhenius equation is transformed into a linear relationship. The negative of the slope of
the straight line is equal to the activation energy divided by the gas constant. Figure 5.8 shows the natural
logarithms of the rate constant values in Table 5.2 plotted as a function of the reciprocal of the absolute
temperature. Also shown is the best-fit straight line having the following equation:

  (5.32)

The straight line fits the data quite well, so it is concluded that the Arrhenius equation provides a good
representation of k(T) over the temperature range 5 to 43°C (41 to 109°F). Figure 5.7 shows the best-fit
Arrhenius equation compared with the rate constant values.

Next, a straight line was fitted to the rate constant values. The best-fit straight line was found to have
the following equation:

  (5.33)

This straight line is plotted in Figure 5.7. There are two significant observations. First, the straight line
does not accurately represent the observed variation of the rate constant with curing temperature.
Therefore, the fundamental assumption in the Nurse–Saul function is not valid for these particular data.
Second, the best-fit straight line crosses the temperature axis at 4.4°C (40°F). Therefore, if the Nurse–Saul
function is used to approximate the effects of temperature over the range 5 to 43°C (41 to 109°F), the
best results would be obtained by using a datum temperature of 4.4°C (40°F) instead of –10°C (14°F)
as is commonly used.

The rate constant values in Table 5.2 can be converted to age conversion factors by dividing them by
the estimated value of the rate constant at the reference temperature. In this discussion the reference
temperature is taken to be 23°C (73°F). From Equation 5.32, the rate constant is approximately 0.33
day–1 at 23°C (73°F). The values of the age conversion factors are plotted vs. temperature in Figure 5.9.

FIGURE 5.8  Natural logarithm of rate constant vs. the inverse of the absolute temperature (Arrhenius plot).
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The age conversion factor vs. temperature relationships based on various functions are also shown in
Figure 5.9. The equation of the relationship based on the best-fit Arrhenius equation, Equation 5.32, is
as follows:

  (5.34)

The dashed straight line is the relationship based on the best-fit straight line, Equation 5.33, and has
the following equation:

  (5.35)

The dotted line is the linear age conversion factor vs. temperature relationship for a datum temperature
of –10°C (14°F), as commonly used with the traditional Nurse–Saul maturity function, and has the
following equation:

  (5.36)

Examination of Figure 5.9 shows that neither straight line is an accurate representation of the age
conversion factor vs. temperature relationship over the indicated temperature range. The line representing
the Nurse–Saul function with T0 = –10°C (14°F) overestimates the age conversion factor at temperatures
below the reference temperature of 23°C (73°F). Thus, using the traditional value of the datum temper-
ature would overestimate the equivalent age. At temperatures above 23°C, the opposite is true; that is,
the equivalent age would be underestimated. On the other hand, using the straight line with T0 = 4.4°C
(40°F) always underestimates the equivalent age. The amount of underestimation increases as the tem-
perature is farther away from the reference temperature. 

The results in Figure 5.9 show that a maturity function that assumes a linear rate constant vs.
temperature relationship will not accurately account for temperature effects when the curing temperature
is significantly different from the reference temperature. If one wishes to use a linear maturity function
because of its simplicity, accuracy can be improved greatly by using two values of the datum temperature.
One value would be applicable when the curing temperature is below the reference temperature and the
other value would be applicable above the reference temperature. Figure 5.10 illustrates this approach.
It is seen that the variation of the rate constant for temperatures between 5 and 23°C (41 and 73°F) can
be represented accurately by a straight line with a datum temperature of  -2°C (28°F). On the other hand,

FIGURE 5.9  Variation of age conversion factor with temperature; comparison of data with various maturity
functions.
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for temperatures between 23 and 43°C (73 and 109°F), a straight line with a datum temperature of 14°C
(57°F) is a good approximation. The best values for the datum temperature depend on the actual shape
of the rate constant vs. temperature function and the temperature range over which the linear approxi-
mation is made.37

5.3.4 Values of Activation Energy

A good maturity function must accurately represent the effect of temperature on the age conversion
factor. In the previous section, it was shown that the Arrhenius function fitted experimental data well.
Next, we examine the shape of the age conversion factor vs. temperature relationship in more detail.

The value of the activation energy, E, in the Arrhenius equation, Equation 5.27, determines the shape
of the age conversion factor vs. temperature function. Figure 5.11 shows the variation of the age conversion
factor with temperature for activation energy values of 40, 50, and 60 kJ/mol and using the values
suggested by Freiesleben Hansen and Pedersen,28 which were given in Equations 5.6a and 5.6b. The
reference temperature is again taken as 23°C (73°F). The variation based on the Nurse–Saul function
with T0 = -10°C (14°F) is also shown. It is seen that with increasing value of activation energy, the age
conversion factor vs. temperature variation becomes more nonlinear. As a result, attempts to use a linear
function as an approximation lead to greater errors for increasing values of activation energy. With this
in mind, let us examine the values of activation energy that have been reported by others.

The value of the activation energy for a particular concrete can be determined in several ways. One
approach is to make and cure concrete specimens at several different temperatures and analyze the
strength–age data in the manner described above. There are, however, alternative possibilities. It has been

FIGURE 5.10  A bilinear approximation of age conversion factor vs. temperature relationship.

FIGURE 5.11  Effect of activation energy on the age conversion factor vs. temperature relationship using the Arrhe-
nius function.
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firmly established that the degree of hydration of cement correlates with the mechanical strength of
concrete.55,56 Thus, it is possible to determine the activation energy from hydration studies of cement
pastes. This approach is supported by investigators53,57,58 who have shown that activation energies based
on heats of hydration are similar to those based on the mechanical strength of mortars. In addition,
Bresson59 and Gauthier and Regourd57 report that similar activation energies are obtained from strength
tests of mortar and concrete specimens. This was confirmed in a limited study by the author37 and in a
larger study by Tank and Carino.60–62 Another approach is to measure the chemical shrinkage of cement
pastes.63,64 Thus, there is significant evidence showing that the activation energy for strength development
can be determined without testing bulky concrete specimens.

There are limited published data on the activation energy for strength development of concrete. Table
5.3 lists some of the activation energies that have been reported for different types of cement and using
different test methods. The results for ordinary portland cement (ASTM Type I) are in reasonable
agreement except for the higher values reported by Geiker.63,64 It should be mentioned that the values in
Table 5.3 represent the activation energy to describe the temperature dependence of the initial rate of
property development. Other procedures have been developed that determine activation energy at later
stages of property development.66,67

Tank and Carino60–62 conducted an extensive study of the isothermal strength development in concrete
and mortar specimens made with different cementitious systems and having two water–cement ratios.
The study had several objectives:

1. Verify the applicability of the hyperbolic strength–age model, Equation 5.21, for strength gain
under constant temperature curing.

2. Confirm whether tests of mortar specimens result in the same activation energy values as tests of
concrete.

3. Determine whether the water–cementitious materials ratio affects the values of activation energy.
4. Determine the effects of admixtures and cement replacements on activation energy.

Specimens were cured in constant temperature water baths at 10, 23, and 40°C (50, 73, and 104°F), and
strength tests were performed at regular age intervals. The mortars had cement-to-sand proportions
(volumetric) that were similar to the cement-to-coarse aggregate proportions of the corresponding
concrete.

Tank and Carino found that test data for concrete and mortar specimens obeyed the hyperbolic
strength–age model, and the model was used to evaluate the rate constants. Several rate constant vs.
temperature functions were examined, including the Arrhenius equation. Table 5.4 summarizes the values
of activation energies for the Arrhenius equation. In Figure 5.12A, the activation energy values obtained
from mortar tests are compared with the values obtained from concrete tests. The straight line is the line

TABLE 5.3 Activation Energy Values

Cementitious Material Type of Test
Activation Energy 

(kJ/mol) Ref.

Type I (mortar)
Type I (mortar)
Type I (concrete)
OPC (paste)
OPC + 70% BFS (paste)
OPC (paste)
RHC (paste)
OPC (paste)
Type I/II (paste)
Type I/II + 50% BFS (paste)

Strength
Strength
Strength
Heat of hydration
Heat of hydration
Chemical shrinkage
Chemical shrinkage
Chemical shrinkage
Heat of hydration
Heat of hydration

42
44
41
42–47
56
61
57
67
44
49

34
37
37
57, 58
57, 58
63
63
64
65
65

Abbreviations: OPC = ordinary portland cement, BFS = ground blast furnace slag;
RHC = rapid hardening cement.



of equality. It is seen that the results are uniformly distributed about the line. Thus, Tank and Carino
verified that the activation energy for a concrete mixture could be obtained from the strength-gain data
of mortar cubes.62

Figure 5.12B compares the activation energies for the two water–cementitious materials ratios (w/cm).
Again, the straight line is the line of equality. In this case, the results are not so clear. For some mixtures,
the  water–cement ratio had no effect, which is in agreement with previous findings.37,48 With Type I and

TABLE 5.4 Activation Energy Values Based on Compressive 
Strength Tests of Concrete Cylinders and Mortar Cubes

Activation Energy, kJ/mol

w/c = 0.45 w/c = 0.60

Cementitious Material Concrete Mortar Concrete Mortar

Type I
Type II
Type III
Type I + 20% FA
Type + 50% slag
Type + Accelerator
Type I + Retarder

63.6
51.1
43.6
30.0
44.7
44.6
38.7

61.1
55.4
40.1
33.1
42.7
54.1
41.9

48.0
42.7
44.0
31.2
56.0
50.2
38.7

43.6
41.1
42.6
36.6
51.3
52.1
34.1

Source: Carino, N.J. and Tank, R.C., ACI Mater. J., 89(2), 188, 1992. 

FIGURE 5.12  (A) Activation energy obtained from testing concrete cylinders compared with values obtained from
testing mortar cubes. (B) Effect of water–cementitious materials ratio on activation energy.62
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Type II cement, however, the low w/cm mixtures had significantly higher activation energies (see Table
5.4). On the other hand, the mixtures with Type I cement plus 50% slag (by mass) had higher values for
the high w/cm. Clearly, more information is required to establish how the water–cement ratio relates to
the activation energy.

Comparing the activation energies in Table 5.4 for the mixtures containing Type I cement one can see
that use of admixtures or cement replacements alters the activation energy of the concrete. Thus, when
admixtures and cementitious additions (fly ash, slag, or silica fume) are used, it is necessary to determine
the activation energies for the particular combinations of ingredients in the concrete to be used in
construction.

Carino and Tank62 examined the following alternative relationship to the Arrhenius equation for
describing the variation of the rate constant with temperature:

  (5.37)

where
A = a constant, day-1

B = temperature sensitivity factor, °C-1

The constant A represents the value of the rate constant at T = 0°C. The value of B indicates the sensitivity
of the rate constant to changes in curing temperature. For a temperature increase equal to 1/B, the rate
constant increases by a value of approximately 2.72.

Carino and Tank found that Equation 5.37 fitted the results as well as the Arrhenius equation. They
also found an empirical relationship between activation energy and temperature sensitivity factor:

  (5.38)

In Equation 5.38, E is expressed in units of kJ/mol. For example, if the activation energy is 45 kJ/mol,
the corresponding value of B is 0.061°C–1, and the rate constant increases by a factor of 2.72 for an
increase of 16.4°C in the curing temperature.

By using Equation 5.37, the expression for the age conversion factor becomes the following:

  (5.39)

Equation 5.39 is simpler to use than Equation 5.6 because one does not have to deal with the inverse of
the absolute temperature.

This section has reviewed our understanding of values of activation energy that describe the age
conversion factor vs. temperature relationship based on the Arrhenius equation. As a result of the scarcity
of data, there does not yet exist a thorough understanding of the factors that affect the activation energy.
As more data are accumulated, it may be possible to estimate the activation energy of a particular cement
based on its chemical composition. When admixtures or supplementary cementitious materials are used,
their effects on the activation energy must also be determined. This can probably only be done by testing
the combinations of cement and admixtures that will be used in the field concrete.

When accuracy of strength estimations is not crucial, typical published values of activation energy can
be used, such as those given in Tables 5.3 and 5.4. When maximum accuracy is desired, the value of
activation energy for the particular combination of ingredients should be determined from testing. The
applicable procedures are given in Section 5.5. 

5.3.5 Relative Strength Gain

The maturity rule, as proposed by Saul,1 states that samples of the same concrete will have equal strengths
if they have equal maturities, irrespective of their temperature histories. In other words, there exists a

k T AeBT( ) =

B E= 0 00135.

a = -eB T Tr( )



unique strength–maturity relationship for a given concrete mixture. This section discusses why the
traditional maturity rule is an approximation.

Thus far, it has been assumed that the limiting strength of a concrete mixture subjected to continuous
curing is not affected by the early-age temperature history. However, it has been shown that higher early-
age temperatures lower the limiting strength.32,68–72 To illustrate the nature of this problem, Table 5.5
represents strength gain data for concrete cylinders cured at three different temperatures. The complete
analysis of the data was reported in Reference 37. The data are plotted in Figure 5.13A along with the
best-fit hyperbolic curves. It is clear that the curing temperatures affect not only the initial rate of strength
development but also the limiting strength. Table 5.5 shows the limiting strengths and rate constants
obtained by regression analysis of the data. 

By fitting the Arrhenius equation (Equation 5.27) to the rate constant values in Table 5.5, one finds
that the estimated value of the rate constant at a reference temperature of 23°C (73°F) equals 0.47 day–1.
The ages in Table 5.5 can be converted to equivalent ages at 23°C (73°F). Plotting strength vs. equivalent
age to compare strength values at equal maturities, one obtains the results in Figure 5.13B. This plot
clearly shows that the concrete does not have a unique strength–maturity relationship. Thus, the “maturity
rule” will result in erroneous strength estimates, especially at later ages. At this point, the reader might
conclude that the maturity method is not very useful. This is, however, not so.

The hyperbolic strength gain equation, Equation 5.21, can be converted to a relative strength gain
equation:

  (5.40)

Introducing the age conversion factor

  (5.41)

the relative strength gain can be expressed in terms of equivalent age:

  (5.42)

Equation 5.42 states that there should be a unique relative strength vs. equivalent age curve having an
initial slope equal to kr. This equation has been referred to as the “rate constant model.”62 To test the
validity of this assertion, the strength values in Table 5.5 were converted to relative strength by dividing

TABLE 5.5 Cylinder Strength vs. Age for Constant Temperature Curing

12°°°°C 21°°°°C 32°°°°C
Age

(days)
Strength

(psi)
Strength
(MPa)

Age
(days)

Strength
(psi)

Strength
(MPa)

Age
(days)

Strength
(psi)

Strength
(MPa)

0.92
1.8
5.5

12.1
26.0
46.0

705
1935
3710
4720
5390
6075

4.9
13.3
25.6
32.5
37.1
41.9

0.51
1.0
3.0
7.0

13.2
28.0

510
1680
3075
4210
4990
5490

3.5
11.6
21.2
29.0
34.4
37.8

0.37
0.8
1.9
5.0

10.0
20.8

980
1925
3040
4045
4530
4770

6.8
13.3
20.9
27.9
31.2
32.9

S• = 6470 14.6 6060 41.8 5080 35.0
kT = 0.265 day–1 0.361 day–1 0.815 day–1

Source: Carino, N.J., ASTM J. Cem. Concr. Aggregates, 6(2), 61, 1984. 
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them by their corresponding limiting strengths. Figure 5.13C is a plot of the relative strength vs. equivalent
age. The data points are indeed grouped around a single curve, whose equation is:

  (5.43)

The above discussion demonstrates that, while the early-age temperature affects the long-term strength,
there is no significant effect of curing temperature on the relationship between equivalent age and relative
strength. This leads to the following modified maturity rule:

FIGURE 5.13  (A) Compressive strength vs. age for concrete cylinders cured at three temperatures (Type I cement,
w/c = 0.55).27 (B) Compressive strength vs. equivalent age at 23°C for same data as Part A. (C) Relative compressive
strength vs. equivalent age at 23°C for same data as Part A.
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Samples of a given concrete mixture that have the same equivalent age and that have had a sufficient
supply of moisture for hydration will have developed equal fractions of their limiting strength irre-
spective of their actual temperature histories.

The significance of this modified maturity rule is that if one measures only the temperature of concrete
while it is curing, only the relative strength gain can be estimated. Additional information is needed to
estimate absolute strength values. This subject is discussed further in Section 5.4.

5.3.6 Summary

This section has discussed the theoretical basis of the maturity method, taking into account recent research
on the subject. It was shown that under isothermal conditions, the strength gain of concrete could be
described by a hyperbolic curve defined by three parameters:

1. The age when strength development is assumed to begin, t0

2. A rate constant, kT , which is related to the initial slope of the curve
3. The limiting strength, S•

These parameters can be estimated from regression analysis of strength–age data. It has been shown
further that the parameters are temperature dependent.

To describe strength gain under variable temperature conditions, a maturity function is needed to
account for the effect of time and temperature. It has been shown that the product of the rate constant
and age is the general form of the maturity function. Thus, the key element in arriving at a valid maturity
function is describing the relationship between the rate constant and the curing temperature.

The equivalent age approach is a convenient method for accommodating a variety of proposed maturity
functions. Curing time intervals at a given temperature are converted to equivalent intervals at a reference
temperature. The age conversion factor for each time interval is simply the value of the rate constant at
the actual temperature divided by the value at the reference temperature.

If the rate constant is assumed to be a linear function of temperature, the resulting maturity function
is identical to the Nurse–Saul function. The key parameter in this approach is the datum temperature,
T0, and it has been shown that the traditional value of -10°C is not necessarily the best value to use.

Tests have shown that over a wide temperature range, the rate constant is a nonlinear function of
temperature. The Arrhenius equation has been found to describe accurately the relationship between the
rate constant and curing temperature. In this case, the key parameter is the activation energy, which
defines the temperature sensitivity of the rate constant. The value of activation energy depends on cement
chemistry, cement fineness, and type and quantity of cement replacements and admixtures. It is not clear
whether the water–cement ratio has a consistent effect on activation energy. For concretes made with
ordinary portland cement and without admixtures, it appears that the activation energy is between 40
and 45 kJ/mol.

For greater accuracy in estimated strength, the activation energy for the particular concrete should be
determined experimentally. However, the actual concrete mixture does not have to be tested. The required
information can be obtained by monitoring the heat of hydration of cement paste, which includes the
intended admixtures and cement replacements that may be used. Alternatively, the information can be
obtained from the compressive strength development of mortar cubes. The mortar should have the same
water–cement ratio as the concrete, and the ratio of cement to sand should be the same as the ratio of
cement to coarse aggregate in the concrete.

Finally, it was shown that the limiting strength of a concrete mixture is affected by the early-age
temperature history. Thus, there is not a unique strength-equivalent age relationship for a given concrete.
There is, however, a unique relative strength vs. equivalent age relationship. This relationship can be
developed from strength gain data obtained at a reference curing temperature. A modified maturity rule
is proposed that suggests that relative strength can be estimated reliably from the measured temperature
history. To estimate the absolute strength level, additional information about the concrete is required.



5.4 Application of Maturity Method

As with the other methods for estimating in-place strength of concrete that are discussed in this book,
the maturity method has various applications in concrete construction.73 It may be used to estimate in-
place strength to assure that critical construction operations, such as form removal or application of
post-tensioning, can be performed safely. It may be used to decide when sufficient curing has occurred
and the concrete can be exposed to ambient conditions without endangering its long-term performance.
In addition, it may serve as a tool in planning construction activities.

The method is also useful in laboratory work involving test specimens of different sizes. Because of
the heat of hydration, specimens with lower surface-to-volume ratios experience higher early-age tem-
perature rise than specimens with higher ratios. The maturity method can be used to ensure that
differently sized specimens are tested at the same maturity. A good example is a testing program conducted
to establish the correlation between an in-place test method and cylinder strength. Often the in-place
tests are performed on large specimens that experience higher early-age temperatures than the companion
cylinder specimens. Failure to perform companion tests at the same maturity will result in inaccurate
correlations.

5.4.1 Basic Principle

Proper curing procedures74 must be used to apply the maturity method for estimating strength develop-
ment. It is essential that there is an adequate supply of moisture for hydration. If concrete dries out,
strength gain ceases but the computed maturity index continues to increase with time. In such a case,
strength estimates based on the maturity method are meaningless.

The basic principle in applying the maturity method is illustrated in Figure 5.14. Two phases are
involved: 

1. Laboratory testing
2. Field measurement of the in-place temperature history

The laboratory testing must be performed before attempting to estimate in-place strength. Two types of
laboratory tests may be required. One is used to establish the temperature sensitivity of the rate constant
for the particular materials in the concrete. This information, which can be obtained from mortar tests,
is needed to develop the correct maturity function for the concrete. The second type of testing establishes

FIGURE 5.14  Schematic of procedures for using maturity method involving laboratory testing and field
measurements.
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the strength–maturity relationship for the concrete. The latter type of testing is always needed, whereas
the need for the first type depends on the desired accuracy of the estimated strength. If maximum accuracy
is desired, the activation energy value should be determined experimentally. If this is not the case, typical
values of activation energy or datum temperature may be used.

In the field, the temperature history of the structure must be monitored to evaluate the in-place
maturity. The in-place maturity is used with the strength–maturity relationship obtained from laboratory
testing to estimate the in-place strength. Some of the available instruments for measuring in-place
maturity are discussed in the next part of this section. The contractor, testing agency, and design engineer
should hold a preconstruction meeting to select appropriate locations for temperature sensors. Consid-
eration should be given to those portions of the structure that are critical because of unfavorable
combinations of exposure and required strength. For example, in flat-plate, multistory construction, the
slab–column joints are often the most highly stressed regions. During cold weather, corners of structures
experience the most severe exposure.

5.4.2 Maturity Instruments

The temperature history of the structure is the basic information needed to evaluate the in-place maturity
index (expressed as the temperature–time factor or equivalent age). Therefore, a device is needed to
record temperature as a function of time. Analog strip chart recorders or digital data loggers connected
to thermocouples embedded in the concrete have been used in the past. The measured thermal history
was converted to a maturity index using maturity functions such as Equation 5.1 or Equation 5.6. The
calculations have been automated using a personal computer with spreadsheet software.75 This approach,
however, requires manual entry of temperature values at regular time intervals, and is not practical.

A more convenient approach is to use commercial “maturity meters.” These are instruments that
monitor the temperature history and automatically perform the maturity index calculations. Concrete
temperatures are monitored with reusable probes or with expendable thermocouple wires. The earliest
models were single channel instruments based on the Nurse–Saul function with a datum temperature
of  -10°C (14°F). In 1977, Freiesleben Hansen and Pedersen28 introduced a single-channel maturity
computer based on the Arrhenius equation. This instrument computed the equivalent age according to
Equation 5.6 and used the relationship for activation energy given in Equations 5.6a and 5.6b.

Multichannel maturity computers have been developed that uses thermocouple wires as sensors, and
some permit the use of either the Nurse–Saul function or the Arrhenius equation. In addition, the user
can specify the value of the datum temperature or the activation energy. These multichannel meters,
such as shown in Figure 5.15, permit each channel to be activated independently as the corresponding
sensor is embedded in fresh concrete. Tikalsky et al.76 compare the features of several commercial maturity
meters. 

FIGURE 5.15  Example of multichannel maturity meter using thermocouple wires to monitor in-place temperature.
(Courtesy of American Engineering Testing, Inc.)



Hansen77 developed a disposable “mini maturity meter” as an alternative to the more expensive
maturity computers. The active component of this device is a glass capillary containing a fluid, as shown
in Figure 5.16A. The instrument is based on the principle that the effect of temperature on the rate
constant for evaporation of the fluid from the capillary tube is governed by the Arrhenius equation.
Thus, the evaporation of the fluid and strength development of concrete are influenced by temperature
in a similar manner. By choosing a fluid with activation energy similar to the concrete, the amount of
evaporation at a given time is indicative of strength development in the concrete. The meter contains a
fluid that is reported to have activation energy of 40 kJ/mol. The capillary tube of the mini-maturity
meter is attached to a card that is marked in units of equivalent age at 20°C (68°F). The device was
developed primarily for use during construction, and hence the scale is limited to an equivalent age of
5 days at 20°C (68°F). The card is attached to the removable cap of the plastic container. The meter is
activated by removing the cap and breaking the capillary at the “0 days” mark (Figure 5.16B). The cap
is replaced on the plastic container and the container is inserted into the fresh concrete. When it is desired
to read the meter, the cap is removed and the position of the fluid is noted in units of equivalent days
at 20°C (68°F). 

Another novel idea for a “maturity meter” is based on measuring the chemical shrinkage of cement
paste as it hydrates.78 In this approach, cement paste at the same water–cement ratio as the concrete is
placed in a vessel and covered with water. The vessel, known as a dilatometer, contains a small-diameter
tube to monitor the decrease in water level as the paste hydrates and undergoes chemical shrinkage
(Figure 5.17A). A layer of low-volatility fluid such as oil is used to prevent evaporation of water from
the tube. The vessel would be placed in the fresh concrete so that the paste would experience the same
temperature history as the concrete. The fall in water level with time would indicate the chemical
shrinkage. Geiker63 has shown that there is nearly a linear relationship between chemical shrinkage and
strength, and that this relationship is independent of curing temperature. In addition, the ultimate value
of chemical shrinkage was found to be affected by initial curing temperature in a similar manner as
ultimate strength of mortar specimens. Thus, a meter based on chemical shrinkage would automatically
account for the effects of early-age temperature on limiting strength. This is a significant advancement
over maturity instruments based solely on temperature history because it would allow estimation of
absolute strength rather than relative strength. To use such a device, a strength vs. chemical shrinkage
correlation curve would be developed for the particular concrete mixture. Such a relationship is shown
schematically in Figure 5.17B. The dilatometer would be filled with a sample of the field concrete, and
measurement of in-place chemical shrinkage would be used to estimate the in-place strength. A practi-
cable field instrument and test procedure based on chemical shrinkage has not been developed.  

FIGURE 5.16  A disposable maturity meter that uses the evaporation of a liquid from a capillary tube as an indicator
of maturity.
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In summary, a variety of commercial devices are available that can automatically compute the in-place
maturity index. The user should keep in mind that maturity index calculations are based on specific
values of datum temperature or activation energy. Hence, they will only correctly account for temperature
effects if these values are applicable to the materials being used. For instruments based on the Nurse–Saul
function it is possible to correct the displayed temperature–time factors for a different value of datum
temperature using the following equation:

  (5.44)

where
Mc = corrected temperature–time factor
Md = displayed temperature–time factor
T0 = the desired datum temperature

T0d = the datum temperature used by the instrument
t = the elapsed time from when instrument was turned on

The readings of maturity computers based on the Arrhenius equation cannot be corrected for a different
value of the activation energy. The user of such an instrument should refer to Figure 5.11 for an under-
standing of the effect of activation energy on the age conversion factor used to compute equivalent age.

5.4.3 Maturity Method Combined with Other Methods

There are several factors that can lead to errors in the estimated in-place strength based on the maturity
method:

• Errors in batching that reduce the potential strength of the concrete
• High early-age temperatures that reduce the limiting strength of the concrete
• Improper curing procedures that cause concrete to dry below a critical level and cause hydration

to cease
• Use of activation energy or datum temperature values that are not representative of the concrete

mixture

Because of these limitations, it is not prudent to rely solely on measurements of in-place maturity to
verify the attainment of a required level of strength before performing a critical construction operation.
Therefore, as is discussed later, the ASTM standard practice11 requires that maturity testing be supple-
mented with other tests. One approach is to use the maturity method along with other in-place tests of
the concrete. For example, the maturity method has been used along with pullout tests.79,80 As will be
discussed, by combining the maturity method with other tests, the amount of required testing may be
reduced without compromising safety.

FIGURE 5.17  (A) Schematic of a maturity meter based on measuring chemical shrinkage; (B) schematic of
strength–shrinkage relationship for estimating in-place strength.
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One of the considerations in using in-place tests (such as pullout or probe penetration) is to know
when these tests should be performed. If they are performed before the concrete reaches the required
strength, they have to be repeated after additional curing. Premature testing may occur when a period
of unusually cold weather occurs during the time between placement and testing. On the other hand, if
the tests are performed after the concrete is well above the required strength level, unnecessary delays in
construction activities may have occurred.

The proper time to perform the other in-place tests can be determined by measuring the in-place
maturity. From the preestablished strength–maturity relationship, the user determines the maturity index
value corresponding to the required strength. The in-place maturity index is monitored. When the
necessary maturity index is attained, in-place tests are performed and the concrete strength is estimated
from the correlation curve for that test. If the resulting estimated strength equals or exceeds the required
strength, the construction activity can proceed. If the estimated strength is significantly less than the
required value, the engineer may consider the following questions before deciding on the course of action:

• Were the sites of the in-place tests close enough to the locations of the temperature sensors, so
that the maturity index values were indicative of the maturity of the concrete that was tested?

• Were proper curing procedures used to ensure an adequate supply of moisture?
• Is the value of the activation energy or datum temperature used to compute the maturity index

reasonably accurate for the materials being used?

If the answer to any of these questions is “no,” engineering judgment is required to decide whether
the construction activity may proceed after additional curing, or whether additional curing and retesting
are needed before beginning the activity.

If the answer to all of the above questions is “yes,” it is reasonable to conclude that the low estimate
of the in-place strength occurred because the concrete tested does not have the same potential strength
as the concrete used to develop the strength–maturity relationship. In this case, the engineer must decide
whether to require additional curing before beginning the scheduled activity, or whether there is sufficient
concern to question the quality of the concrete.

5.4.4 Illustrative Examples

5.4.4.1 Strength–Maturity Relationship

The data reported in Table 5.1 are used to construct a strength–maturity relationship to illustrate how
the maturity method could be applied on a project. These data are plotted in Figure 5.18A. Assume
that the strength–maturity relationship obeys the hyperbolic equation presented in the previous
section. The two-step procedure associated with Equations 5.29 and 5.30 is used to obtain the values
of the parameters for the relative-strength vs. equivalent age relationship. Assume that the temperature
of the test specimens was 23°C (73°F) throughout the testing period, so that the ages in Table 5.1 are
equivalent ages at 23°C.  

First, the limiting strength is estimated by considering the data for tests beyond 4 days. Figure 5.18B
shows the reciprocal of strength plotted against the reciprocal of age. From linear regression analysis, the
intercept is 0.0222, which equals the reciprocal of the limiting strength. Therefore, the limiting strength
is S• = 1/0.0222 MPa = 45.0 MPa (6530 psi). Next, estimate the rate constant and the age when strength
development begins by considering the first three test results in Table 5.1. In accordance with Equation
5.30, the quantity S/(S• – S) is plotted against age as shown in Figure 5.18C. From linear regression
analysis, the slope of the line is found to be 0.40 day–1, which is the value of the rate constant at 23°C
(73°F). The intercept of the line with the age axis is 0.08 days. Thus, the hyperbolic strength–equivalent
age relationship for this concrete mixture is
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Alternatively, if proper software is available, the parameters S•, k, and t0 can be determined directly by
least-squares fitting. The resulting values for this approach are shown in the box in Figure 5.18A.

Equation 5.45 would correctly estimate in-place strength development if the early-age temperature in
the field were close to 23°C (73°F). However, as was discussed in the previous section, the following
relative strength vs. equivalent age curve would be applicable for other early-age temperatures:

  (5.46)

where
RS• = fraction of limiting strength

Figure 5.18D shows Equation 5.46 along with the relative strength values obtained by dividing the
strengths in Table 5.1 by the limiting strength of 45 MPa (6530 psi). The fit is good.

A more useful relationship would be to express relative strength in terms of the 28-day strength. If 28
days is substituted for the equivalent age in Equation 5.46, we obtain S28/S• = 0.92. Thus, the 28-day
strength is 92% of the limiting strength, or conversely the limiting strength is 1/0.92 = 1.09 times the
28-day strength. Thus, Equation 5.46 can be rewritten as follows:

  (5.47)

(A) and (B) (C) and (D)
FIGURE 5.18  (A) Strength vs. age61 for curing at 22°C; curve represents best fit of Equation 5.21. (B) Plot of
reciprocal strength vs. reciprocal age to evaluate the limiting strength. (C) Plot to evaluate the rate constant and the
age when strength development begins. (D) Relative strength vs. equivalent age at 23°C (left scale is based on limiting
strength and right scale is based on 28-day strength).
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where
S28 = the 28-day strength

RS28 = fraction of the 28-day strength

To obtain the graph of the relationship between RS28 and equivalent age, the left-hand scale on Figure
5.18D is multiplied by 1.09. This new scale is shown on the right of Figure 5.18D.

5.4.4.1.1 Planning Construction
Next, the application of the maturity method for planning construction activities is discussed. First,
Equation 5.47 is solved for equivalent age in terms of a desired strength ratio. Using general terms, one
obtains the following:

  (5.48)

where

   (= 1.09 in this example)

kr = the rate constant at the reference temperature (= 0.04 day–1 in this example)
t0 = the equivalent age at start of strength development (= 0.08 days in this example)

Good engineering practice81 recommends that, unless approved by the engineer/architect, supporting
forms and shores should not be removed from horizontal members (beams and slabs) until at least 70%
of the design strength has been attained. Assuming that the strength gain of concrete to be used for
construction is described by Equation 5.46 and Figure 5.18D, the equivalent age at 23°C (73°F) needed
to reach 70% of the 28-day design strength would be

  (5.49)

The equivalent age of 4.6 days would be the actual age only if the curing temperature were 23°C (73°F).
Now consider the time it would take to reach an equivalent age of 4.6 days for different constant curing

temperature conditions. The maturity function based on the Arrhenius equation is used and it is assumed
that the concrete has an activation energy of 40 kJ/mol. The age conversion factor would be

  (5.50)

The following age conversion factor values are obtained for different concrete temperatures. The
number of days needed to reach an equivalent age of 4.6 days at 23°C (73°F) is obtained by dividing the
required equivalent age by the age conversion factors. 
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With this information, the contractor can analyze the economics of different construction schedules.
For example, if the job were to be performed during cold weather, and if a 3-day cycle were desired for
the re-use of forms, protection would have to be provided to ensure that the concrete temperature was
maintained above about 30°C (86°F). The contractor could then decide whether it would be more
economical to provide the needed protection or use a longer cycle time.

Maage and Helland82 describe the use of the maturity method in a “curing technology system” that
can be used to estimate in-place temperature histories for different construction scenarios. This type of
simulation tool allows the contractor to avoid potential problems and establish optimal placement and
curing procedures.

5.4.4.1.2 Evaluation of In-Place Tests
Finally, we discuss the use of the maturity method for rational interpretation of the results of other in-
place tests used to verify the attainment of required strength during construction. The procedure is as
follows:

• Based on the required strength, the 28-day design strength, and the relative strength–maturity
relationship, compute the maturity index (time–temperature factor or equivalent age) at which
the required strength is expected to be achieved.

• Perform the in-place tests and estimate the in-place concrete strength using the appropriate
correlation for that test method.

• If the estimated strength based on the in-place tests equals or exceeds the required strength,
perform the planned construction activity.

• If the estimated strength is less than the required strength, use the maturity method to analyze
the in-place results and to help decide the appropriate action to take.

To illustrate the procedure, assume that concrete with a 28-day design strength of 40 MPa (5800 psi) is
used in a post-tensioned structure, and the concrete must have a strength of 25 MPa (3600 psi) before
post-tensioning can be applied. The equivalent age to achieve the required strength is computed using
Equation 5.47. Thus, we have the following:

Concrete properties:
kr = 0.4 day–1 — Rate constant at reference temperature of 23°C (73°F)

t0   = 0.08 days — Equivalent age at start of strength gain
S• /S28 = 1.09 — Ratio of limiting strength to 28-day strength

S28 = 40 MPa — Given 28-day strength

Construction requirements:
Sreq = 25 MPa — Strength required for post-tensioning

RS28 = 25/40 = 0.63 — Required strength ratio

Equivalent age to attain required strength:
te = 3.4 days at 23°C (73°F) (from Equation 5.48)

Suppose that in-place tests are performed when the in-place equivalent age is 3 days, and based on
these tests the estimated compressive strength of the concrete is 23 MPa (3300 psi). Because the estimated
strength is less than the required strength and the tests were performed at less than the required equivalent
age, the maturity method can be used to analyze the results.

First, Equation 5.47 is used to compute the relative strength that should have developed at an equivalent
age of 3 days. Using the estimated in-place strength, the 28-day strength of the in-place concrete is
estimated. Finally, the equivalent age needed to achieve the required strength is calculated. Thus, we have
the following:



Evaluation of in-place testing results: Case 1
te = 3 days — Equivalent age when in-place test performed

RS28 = 0.59 — Theoretical strength ratio at test age (Equation 5.47)
Se = 23 MPa — Estimated strength from in-place test result

S28 = 23/0.59 = 39 MPa — Estimated 28-day strength of in-place concrete
RS28 = 25/39 = 0.64 — Needed strength ratio to achieve Sreq

te = 3.6 days — Equivalent age to achieve Sreq

In this case, the in-place strength was lower than the required strength primarily because the tests
were performed at an equivalent age of 3 days rather the computed required age of 3.4 days. The
calculations indicate that the in-place concrete has the necessary strength potential and the required
strength will be attained after additional curing. Thus, the post-tensioning can proceed according to
plans after additional curing.

Now, consider the case where the estimated strength from the in-place tests is only 20 MPa (3200 psi).
The evaluation of the results is as follows:

Evaluation of in-place testing results: Case 2
te = 3 days — Equivalent age when in-place test performed

RS28 = 0.59 — Theoretical strength ratio at test age
Se = 20 MPa — Estimated strength from in-place test result

S28 = 20/0.59 = 34 MPa — Estimated 28-day strength of in-place concrete
RS28 = 25/34 = 0.74 — Needed strength ratio to achieve Sreq

te = 5.3 days — Equivalent age to achieve Sreq

In this case, it appears that the in-place concrete does not have the expected potential strength because
the estimated 28-day strength of the in-place concrete is only 34 MPa (4900 psi) rather than the design
value of 40 MPa (5800 psi). At this point, the engineer has to take a closer look at the three questions
discussed at the end of the previous subsection. If the engineer is assured that sufficient moisture was
provided and that the measured in-place maturity was representative of the maturity at the locations of
the in-place tests, there is good reason to suspect a problem in the quality of the concrete. If the lower
than expected design strength can be tolerated, it is only necessary to delay the post-tensioning until an
equivalent age of 5.3 days has been attained. If the lower potential strength cannot be tolerated, additional
investigation may be needed, and the questionable concrete may have to be removed.

The mathematical manipulations involved in the above analyses can be added to computer programs
developed for the analysis of in-place test results. Spreadsheet software is a very convenient tool for
analyzing in-place test data,75,83 and the above procedures can be incorporated easily into such spread-
sheets. 

5.4.5 Maturity and Other Properties

The development of mechanical and transport properties of concrete is related to the degree of hydration
of the cementitious materials. Thus, it would be expected that the early development of other properties
besides compressive strength could be related to a maturity index. As was mentioned, Lew and Reichard31

showed that the development of modulus of elasticity, splitting tensile strength, and pullout bond strength
could be related to the temperature–time factor. More recently, Delatte et al.84 related the development
of splitting tensile strength and tensile bond strength of concrete overlays to the temperature–time factor.
Yu and Ansari85 studied the development of fracture energy under different curing temperatures. They
demonstrated that the relationships discussed in Section 5.3 on the theoretical basis of the maturity
method were applicable to analysis of the development of fracture energy. They found that the activation
energy for development of fracture toughness was the same as for development of compressive strength.
The values of fracture energy measured under different curing temperatures fell on the same curve when
plotted as a function of equivalent age. Dilly and Zollinger86 also related the development of fracture



strength to equivalent age. Pinto et al.87 found that the development of compressional wave speed under
different curing temperatures could be related to equivalent age.

Pinto and Hover88 investigated whether the maturity method was applicable to the setting time of
concrete measured in accordance with ASTM C 403/C 403M.89 The solid circles in Figure 5.19A show
the reported initial setting times as a function of the average temperature. They found that the setting
time at different temperatures could be used to obtain an apparent activation energy to represent the
temperature dependence of setting time. The inverses of the setting times were used as rate constants,
and the natural logarithms of the rate constants were plotted as a function of the inverse of absolute
temperature. As shown in Figure 5.19B, a straight line can be fitted to the transformed data. The slope
of the line represents the negative of the apparent activation energy divided by the gas constant (Equation
5.31), and is referred to as Q in ASTM C 1074.11 The value of Q in this case is 4978 1/K, which is close
to the value of 5000 1/K recommended in ASTM C 1074 for concrete made with Type I cement. The
measured setting times can be converted to the equivalent setting times at 23°C (73°F) by using Equation
5.6. These values are shown as the open squares in Figure 5.19A. It is seen that the equivalent setting
times are very close to the same value. Thus, by measuring setting times at two extreme temperatures,
it is possible to estimate setting time for any temperature within the extremes. 

5.4.6 Application to High-Strength Concrete

Beginning in the late 1980s, high-performance concrete became a popular research topic. In general, high-
performance concretes have low water–cementitious materials ratios (w/cm) and may contain silica fume
when high strength and low permeability are desired. High-range water-reducing admixtures are often used to
provide workability. Carino et al.90 investigated the applicability of the maturity method by testing low w/cm
mortar mixtures cured at 7, 23, and 40°C (45, 73, and 104°F). Two water–cementitious materials ratios

FIGURE 5.19  (A) Initial setting time vs. temperature. (B) Natural logarithm of the inverse of initial setting time vs.
inverse of absolute temperature.88
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were used: 0.29 and 0.36. Both mixtures included silica fume and a high-range water reducer. Strength–age
data for each curing temperature were fitted with Equation 5.21 to determine the rate constant values.
Equation 5.37 was used to represent the variation of the rate constant with temperature, and Equation 5.39
was used to compute the age conversion factor for calculating equivalent age at 23°C (73°F). Figure 5.20A
and B shows the resulting relative strength vs. equivalent age curves for the two mortar mixtures. Thus, Carino
et al.90 concluded that the maturity method appeared to be applicable to the low w/cm mortar mixtures that
were used. Of course, it remained to be shown whether the method was applicable to low w/cm concrete. 

Pinto and Hover91,92 studied the use of the maturity method with high-strength concrete. High-strength
concrete was made with Type I portland cement and 10% (mass fraction of cement) silica fume. The
water–cementitious materials ratio was 0.30. Five curing conditions were used:

1. Isothermal curing at 55°C (131°F)
2. Isothermal curing at 40°C (104°F)
3. Isothermal curing at 25°C (77°F)
4. Isothermal curing at 0°C (32°F)
5. Variable curing temperature to simulate cold weather conditions

Pinto and Hover examined three functions to represent strength development under the four constant-
temperature curing conditions:

1. The exponential equation suggested by Freiesleben Hansen and Pedersen (Equation 5.13)
2. The “linear-hyperbolic” function (Equation 5.21)
3. The “parabolic-hyperbolic” function as proposed by Knudsen48,49

FIGURE 5.20  Relative strength vs. equivalent age at 23°C for high-strength mortar mixtures: (A) w/cm = 0.29 and
(B) w/cm = 0.36.90
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For each isothermal condition, the rate constant, kT, was estimated from the best-fit equation of strength
vs. time (for the exponential function the rate constant was taken as 1/t). The apparent activation energy
was obtained by fitting Equation 5.31 to plots of logarithms of the rate constant vs. the inverse of the
absolute temperate. The 95% confidence intervals for activation energy were as follows:92

• Exponential strength–age function: 25.8 ± 20.4 kJ/mol
• Linear-hyperbolic strength–age function: 33  ± 3.7 kJ/mol
• Parabolic-hyperbolic function: 48.4  ± 6.8 kJ/mol

The exponential model did not give reliable results as evidenced by the wide confidence interval.
The above values of apparent activation energy were used to compute equivalent ages using Equation

5.6, and the estimated values of limiting strength were used to calculate relative strength at each test age.
It was concluded that the linear-hyperbolic model gave the least deviation of data points about a common
curve.

For tests on specimens subjected to variable curing temperatures (designed to simulate actual field
conditions), there was good overall agreement with the data from the isothermal curing conditions. This
led Pinto and Hover92 to conclude that the Arrhenius-based maturity function can be used with either
isothermal or variable temperature curing conditions.

Myers93 reported on a field trial of the maturity method in the construction of bridge decks made
with normal strength concrete and high-strength concrete. Strength–maturity relationships for the dif-
ferent mixtures were developed in the laboratory in accordance with ASTM C 1074.11 The 28-day strengths
of the mixtures ranged from about 36 MPa (5250 psi) to 66 MPa (9630 psi). The reliability of the estimated
strengths based on the maturity method was evaluated by testing field-cured cylinders at different ages.
The temperature histories of the field-cured cylinders were assumed to equal those of the concrete decks
measured with embedded thermocouples. When the strengths of the field-cured cylinders and the cor-
responding temperature–time factor were plotted, the points fell close to the preestablished
strength–maturity relationships. The only exception occurred in one of the high-strength mixtures, where
the strengths of the field-cured cylinders fell about 10% below the strength–maturity relationship. In this
case, the early-age deck temperatures were greater than 50°C (120°F). This may have reduced the long-
term strength of the field concrete. Nevertheless, Myers93 concluded that the ranges between estimated
and measured strength were acceptable. It was, however, recommended that restrictions on maximum
field temperatures be enforced to minimize long-term strength reduction.

5.4.7 Application in Pavement and Bridge Construction

In the late 1980s and early 1990s, the Strategic Highway Research Program (SHRP) included several
projects that addressed the maturity method. Roy et al.94 reported on the use of the maturity method in
curing technology. It was suggested that activation energy should be determined on the basis of the
kinetics of cement hydration instead of the time-consuming method based on strength gain of mortar
cubes as required by ASTM C 1074. Bickley95 developed a field manual for implementing the maturity
method and pullout test method. At the conclusion of the SHRP program, the Federal Highway Admin-
istration’s Office of Technology Applications assembled a trailer that was driven around the United States
to demonstrate new technologies to state highway engineers.96 As a result of this effort, many state
departments of transportation showed interest in incorporating this method into their standard
practices.97

In 2000, engineers at the Pennsylvania Transportation Institute conducted a survey of state departments
of transportation (DOT) to establish progress in the adoption of the maturity method.76 Of 50 states, 44
responded to the survey, and 32 states indicated that they had conducted or were conducting research
on implementing the method. The reported uses included determination of formwork removal times,
determination of joint sawing times, and determination of opening times for pavements. Some states,
such as Texas,98 South Dakota,99 Iowa,100 and Indiana,101 developed their own test methods, based essen-
tially on ASTM C 1074.11 Some of these methods were developed for estimating in-place flexural strength



and others were applicable to either flexural or compressive strengths. All protocols use the tempera-
ture–time factor, Equation 5.1, as the maturity function.

State DOT protocols include procedures for verifying during construction that previously established
strength–maturity relationships are valid. For example, Texas98 requires monitoring the temperature–time
factor of selected specimens molded from samples of field concrete. At the preestablished level of tem-
perature–time factor, the specimens are tested for strength. The measured strengths are compared with
the estimated strength based on the strength–maturity relationship. If the difference between measured
and estimated strengths is greater than 10%, a new strength–maturity relationship needs to be established
for the project. The Texas protocol also requires enhanced batch plant inspection when the maturity
method is used.

5.4.8 Summary

This section has discussed the essential elements for application of the maturity method. Three elements
are required:

1. The maturity function for the concrete materials
2. A strength–maturity relationship for the concrete mixture to be used in construction
3. Measurement of the in-place thermal history

Selection of the proper maturity function is necessary to obtain the most accurate results, and it requires
knowledge of the effects of curing temperature on the rate constant for strength development. A testing
procedure using mortar cubes can be used to obtain this information.

The strength–maturity relationship is obtained from strength development data of concrete specimens.
The temperature history of the specimens is recorded to evaluate the maturity index at the corresponding
test ages. Regression analysis of the data can be used to construct a mathematical description for the
strength–maturity index relationship.

Various instruments are available for monitoring the in-place temperature and computing maturity index
values. In selecting a device, the user should be aware of the maturity function used by the equipment.
State-of-the-art instruments permit the user to select the parameters for the maturity function.

Because of its inherent limitations, the maturity method should not be used alone to decide whether
critical construction activities can be performed. Examples have been given to illustrate how the maturity
method can be used with other in-place methods to verify the attainment of the required in-place strength.

It has been shown that maturity method can be used to estimate the development of other properties
of concrete besides compressive strength. It has also been shown that the method is applicable to
estimating strength development in high-strength concrete.

The next section summarizes the current ASTM Standard Practice governing the use of the maturity
method.

5.5 Standard Practice

Procedures for using the maturity method have been standardized in ASTM C 1074.11 The standard
practice permits the user to express the maturity index either as a temperature–time factor using the
Nurse–Saul function, Equation 5.1, or as an equivalent age using the Arrhenius equation, Equation 5.6.
For the Nurse–Saul function, it is recommended that the datum temperature be taken as 0°C (32°F) if
ASTM Type I cement is used without admixtures and the expected curing temperature is within 0 and
40°C (32 and 104°F). For the Arrhenius equation, an activation energy of 41.5 kJ/mol is recommended.
For other conditions or when maximum accuracy is desired, the best value of the datum temperature or
activation energy should be determined experimentally.

The ASTM standard provides procedures for developing the strength–maturity relationship and for
estimating the in-place strength. In addition, a procedure is provided for obtaining the datum temperature
or activation energy if that is desired.



5.5.1 Datum Temperature or Activation Energy

The procedure for determining the datum temperature or activation energy follows the approach dis-
cussed in Section 5.3 on the theoretical basis of the maturity method. Basically, mortar cubes made with
the materials to be used in construction are cured at three temperatures. Two of the curing temperatures
should be the minimum and maximum curing temperatures expected for the in-place concrete, and the
third temperature should be midway between the extremes. The cubes are tested for compressive strength
at regular time intervals.

The strength–age data for the mortar cubes are analyzed using Equation 5.21 to obtain the rate constant
as a function of temperature. Several options are available depending on the data analysis capabilities of
the user. One alternative is to measure the final setting times at the three curing temperatures using the
penetration resistance method described in ASTM C 403/C 403M.89 The final setting times are used to
represent the ages when strength development is assumed to begin, that is, t0. The reciprocals of the cube
strengths are plotted as a function of reciprocals of the ages beyond the times of final setting. This
approach is similar to using Equation 5.28 to represent the strength–age data. For each temperature, the
least-squares best-fit straight line is determined, and the rate constant is obtained by dividing the intercept
by the slope of the line. Another alternative is to use a two-step process in which the limiting strength
is determined first by fitting Equation 5.29 and then the rate constant is determined by fitting Equation
5.30. The third alternative is to use a nonlinear curve-fitting computer program to fit Equation 5.21 to
the strength–age data. The last approach is the most straightforward method and low-cost software is
available for this purpose.

To obtain the datum temperature, the rate constants are plotted as a function of temperature and the
best-fit straight line is determined. The intercept of the line with the temperature axis gives the datum
temperature. To obtain the activation energy, the natural logarithms of the rate constants are plotted
against the reciprocals of the absolute curing temperatures (Equation 5.31). The negative of the slope of
the straight line equals the activation energy divided by the gas constant (referred to as Q in the standard).

5.5.2 Strength–Maturity Relationship

To develop the strength–maturity relationship, cylindrical concrete specimens are prepared using the
mixture proportions and constituents of the concrete to be used in construction. These specimens are
prepared according to the usual procedures for making and curing test specimens in the laboratory.

After the cylinders are molded, temperature sensors are embedded at the centers of at least two cylinders.
The sensors are connected to instruments that automatically compute maturity index (Figure 5.21A). 

The specimens are cured in a water bath or in a moist curing room. At ages of 1, 3, 7, 14, and 28 days,
compression tests are performed on at least two specimens. At the time of testing, the average maturity
index for the instrumented specimens is recorded. A time interval of 1/2 h or less should be used for
recording temperature during the first 48 h, and longer time intervals are permitted for the remainder
of the curing period.

A plot is made of the average compressive strength as a function of the average maturity index. A best-
fit smooth curve is drawn through the data, or regression analysis may be used to determine the best-fit
curve for one of the strength–maturity relationships discussed in the previous section. The resulting
curve would be used to estimate the in-place strength of that concrete mixture. 

The ASTM standard assumes that the initial temperature of the concrete in the field is approximately
the same as the laboratory temperature when the cylinders were prepared. If the actual early-age tem-
peratures are significantly greater than the laboratory temperatures, the limiting in-place strength is
reduced. Thus, the in-place strength may be overestimated by the strength–maturity relationship.

5.5.3 Estimating In-Place Strength

The procedure for estimating in-place strength requires measuring the in-place maturity index. As soon
as is practicable after concrete placement, temperature sensors are placed in the fresh concrete. As



previously mentioned, the sensors should be installed at locations in the structure that are critical in
terms of exposure conditions and structural requirements. The importance of this step cannot be over
emphasized when the strength estimates are being used for timing the start of critical construction
operations.

The sensors are connected to maturity instruments or temperature recording devices that are activated
as soon as is practicable after concrete placement. When a strength estimate is desired, the maturity value
from the maturity instrument is read (Figure 5.21B). Using the maturity index values and the previously
established strength–maturity relationship, the user estimates the compressive strengths at the locations
of the sensors.

Because the temperature history is the only measurement made in the field, there is no assurance that
the in-place concrete has the correct mixture proportions. Therefore, the ASTM standard requires
verification of the potential strength of the in-place concrete before performing critical operations, such
as formwork removal or post-tensioning. Failure to do this can lead to drastic consequences in the event
of such undetected batching errors as using excessive amounts of cement replacements or retarding
admixtures. Alternative methods for verification of concrete strength include:

• Other in-place tests that measure an actual strength property of the in-place concrete
• Early-age compressive strength tests of standard-cured specimens molded from samples of the

concrete in the structure and instrumented with maturity meters
• Compressive strength tests on specimens molded from samples of the concrete in the structure

and subjected to accelerated curing

5.6 Conclusion

This chapter has provided the following:

• A review of the historical development of the maturity method
• A theoretical basis for the method
• A discussion on how the method may be applied during construction

The maturity method was initially proposed as a means to estimate strength development of concrete
during accelerated curing, such as steam or electric curing. The idea was subsequently extended to
ordinary curing conditions. The early work was empirical in nature. Recent work has attempted to
establish a theoretical basis for the method and to explain the inherent approximations and limitations
of the method.

FIGURE 5.21  (A) Concrete cylinder instrumented with maturity meter and subjected to standard moist curing.
(Courtesy of Texas Department of Transportation.) (B) Technician reading the accumulated maturity index to
determine whether strength is sufficient for formwork removal. (Courtesy of Texas Department of Transportation.)
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A variety of maturity functions have been proposed to account for the effect of time and temperature
on strength development. It has been shown that the product of the rate constant and age is the general
form of an appropriate maturity function. The rate constant is related to the rate of strength development
during the acceleratory period immediately following setting. Thus, the key element of a suitable maturity
function is having the correct representation of the effect of temperature on the rate constant.

If the rate constant is assumed to be a linear function of temperature, the resulting maturity function
is the traditional Nurse–Saul function. Test data show that, over a wide temperature range, the rate
constant is not a linear function of temperature. Therefore, the Nurse–Saul function is inherently
approximate and may overestimate or underestimate the effects of temperature on strength gain. It has
been shown that if a straight-line approximation is used, the best-fit value of the datum temperature
(temperature at which the rate constant equals 0) is not necessarily –10°C (14°F) as has been traditionally
used in the Nurse–Saul function. Rather, the datum temperature depends on the temperature sensitivity
of the rate constant and the temperature range over which the linear approximation is used.

A nonlinear function, such as the Arrhenius equation, can represent better the effect of temperature
on strength development over wide temperature ranges. For the Arrhenius equation, the activation energy
is the parameter that defines the temperature sensitivity of the rate constant. Recent work indicates that
the activation energy depends on the cementitious components of the concrete and may also depend on
water–cementitious materials ratio.

The equivalent age approach is the most flexible technique to represent the maturity index. In this
case, the age conversion factor is used to convert a curing time interval at any temperature to an equivalent
time interval at a reference temperature. The age conversion factor is simply the ratio of the value of the
rate constant at any temperature to its value at the reference temperature.

An ASTM standard exists for application of the maturity method. The standard provides a procedure,
based on testing mortar cubes, for obtaining the values of activation energy (or datum temperature) for
the particular concrete mixture. This testing is required for maximum accuracy in estimating strength
gain. The standard also provides a procedure for establishing the strength–maturity relationship of the
concrete mixture. This relationship is obtained experimentally by testing cylindrical specimens at various
values of maturity index. It must be emphasized that to estimate in-place strength accurately, one needs
the correct maturity function. In addition, the early-age temperature of the in-place concrete must be
similar to that of the specimens used to develop the strength–maturity relationship. The traditional
maturity method cannot account for the effects of early-age temperature on limiting strength.

Because of the dependence of limiting strength on early-age curing temperature, a unique
strength–maturity relationship does not exist for a given concrete mixture. It appears, however, that there
is a unique relative strength vs. maturity index relationship. Thus, the only reliable information that can
be obtained from measuring in-place maturity is relative strength gain. It is for this reason, and because
the maturity method cannot detect batching errors, that the maturity method must be supplemented
with other tests before performing critical construction operations.

The maturity method can be used along with other in-place tests. This approach provides the needed
assurance of the in-place strength, and it permits rational interpretation of low estimated strengths based
on in-place tests. A potential application is to use the maturity method along with other in-place methods
to determine whether the in-place concrete meets contract strength requirements.

The maturity method is amenable to computer application because the maturity function and
strength–maturity relationship can be represented by simple mathematical expressions. The Nordic
countries have pioneered the use of the maturity method in computer programs designed to simulate
the expected outcome of alternative construction schemes and concrete mixtures. For example, one can
simulate the effects of cement content and amount of insulation on the in-place temperature history of
a structural component exposed to different ambient conditions. The maturity method can then be used
to estimate in-place strength based on the computed thermal history. Estimations based on this approach
have been in good agreement with actual strength measurements.82 The maturity method has also been
used extensively in a series of Danish studies dealing with curing and control of early-age cracking.102,103



In the United States, the Federal Highway Administration has led in the incorporation of the maturity
method in predictive models. Forster104 describes models developed to predict the development of early-
age cracking in concrete pavements. The models incorporate the maturity method to estimate the
development of materials properties based on the computed temperature histories. A similar suite of
models was also developed to predict interfacial bond failure in bonded concrete overlays. Such models
permit the designer to identify the most favorable construction methods to reduce the likelihood of early-
age cracking or bond failure.

In summary, the maturity method provides a simple procedure to account for the effects of temperature
and time on strength development. In combination with other in-place strength tests discussed in this
handbook, the maturity method is playing an expanded role in advanced concrete technology.
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Pull-Off Test and
Permeation Tests

6.1 Introduction
6.2 In Situ Strength Assessment

Classification of Various Test Methods • Pull-Off Test

6.3 Measuring Concrete Permeation Properties
Transport Processes

6.4 Description of Test Methods
Absorption Tests • Permeability Tests 

6.5 Concluding Remarks

In situ testing of concrete to assess its strength and durability is now common. Whereas there is a general
acceptance of in situ tests for assessing the strength of concrete, the same is not true for permeability
testing due to the effect of in situ moisture condition on the measured permeation properties. This
chapter describes one of the methods that has been used successfully to assess near-surface strength of
concrete — the pull-off test. This is followed by a review of some of the in situ tests that can be used to
measure the water absorption, water permeability, and gas permeability of concrete.

6.1 Introduction

One of the spinoffs from the technological era in which we are living is that all industrial processes are
being refined and streamlined in an attempt to improve their efficiency. The construction industry is no
exception; the main aim of most design engineers and project planners/managers is to design the most
economically viable structure and then construct it as quickly as possible. Although in many cases this
approach has resulted in successful projects with the client receiving a cost-effective final product, there
have been other cases where the final product has not satisfied exactly the design specifications and
ultimately the client has incurred extra expense rectifying these problems.

In an attempt to eradicate these problems, many novel in situ testing techniques have been invented
to allow an assessment of the concrete during the construction period and on completion of the structure
before it goes into service. This chapter describes the pull-off strength testing technique and some of the
techniques available for measuring the permeation properties of concrete. This is not intended to be a
complete listing and discussion of all available permeation tests, but rather a brief summary of some of
the more popular methods.

6.2 In Situ Strength Assessment

In most countries in the world, the strength properties of the concrete in a structure are assessed indirectly
by measuring the strength of cubes or cylinders that are made in a standard manner from the concrete
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supplied to the site. While this is well accepted by industry, it has its limitations in that problems are not
detected until it is too late as testing is generally carried out at 7 and 28 days. In addition, and fortunately
infrequently, it can be the subject of abuse  æ either by making cubes prior to the addition of further
water to the mixture or, in extreme cases, by the contractor supplying cubes from a specially prepared
mixture that will meet the specifications. Furthermore, cubes or cylinders manufactured and cured in a
standard manner do not represent the quality of concrete in the structure.

Both these shortcomings could be eliminated by measuring the properties of the concrete in situ. This
also permits the effectiveness of the consolidation and curing processes to be incorporated in providing
a reliable indication of the condition of the finished product. Another advantage to be gained from in
situ strength testing is that the speed of the overall construction program could be increased if an accurate
assessment of the in situ strength were made because this would allow a much faster “turnaround” for
formwork and back-propping.

6.2.1 Classification of Various Test Methods

A wide range of tests is available for estimating the in situ strength of concrete and many of them are
discussed in various chapters of this handbook. These various tests can be classified into the following
groups:

1. Destructive tests: These conventional methods enable the strength of the concrete to be measured
by way of cores or cubes cut from the concrete, however, this is not possible in all cases and
especially in slender members. Alternatively, complete structural members can be load-tested to
prescribed design loads, in which case the extent of damage to the structure may be considerable.

2. Nondestructive tests: By definition, strength properties are not measured directly so some other
properties are measured and the strength estimated by correlation. Naturally, these methods have
the great advantage that the concrete is not damaged.

3. Partially destructive tests: In these tests, the concrete is tested to failure but the damage resulting
is localized and the member under test is not weakened to any significant extent. One such partially
destructive strength test is the pull-off test, which is discussed in Section 6.2.2.

6.2.2 Pull-Off Test

The pull-off test is based on the concept that the tensile force required to pull a metal disk, together with
a layer of concrete, from the surface to which it is attached, is related to the compressive strength of the
concrete. There are two basic approaches that can be used. One is where the metal disk is attached directly
to the concrete surface and the stressed volume of concrete lies close to the face of the disk, and the other
is where surface carbonation or skin effects are present and these can be avoided by the use of partial
coring to an appropriate depth. Both these approaches are illustrated in Figure 6.1. At least two com-
mercial pull-off testing systems are available: one developed at The Queen’s University of Belfast and
another developed at the Danish Technical University using the pull-out test loading equipment. The
Danish system is known commercially as the “007-Bond Test.” Both approaches are similar in principle.
The discussion presented here focuses mainly on the technique developed at The Queen’s University
although most of it is applicable to the Danish and other systems. 

The first version of the pull-off test produced at The Queen’s University was developed in the early
1970s as a means of assessing the compressive strength of concrete beams made with high-alumina
cement. The first step is to remove any laitance from the concrete surface to expose the top of the
coarse aggregate particles. This is usually done using some sort of abrasion, typically a wire brush.
The exposed concrete surface and metal disk are then de-greased to ensure good bonding of the
adhesive. The adhesive is generally a two-part epoxy system. A thin uniform layer of adhesive is
spread over the disk area and the disk is pressed firmly onto the concrete surface (Figure 6.1). Excess
adhesive that is squeezed out during this process should be removed before it sets. The curing time



needed for the adhesive depends on the type of epoxy used and the surrounding environmental
conditions, although in most situations a curing time of no more than 24 h is required. After the
adhesive has cured sufficiently, the metal disk is “pulled” from the concrete surface. The apparatus
used for applying and recording this tensile force is known as a “Limpet” and this applies a maximum
tensile force of 10 kN at a rate of approximately 6 kN/min through a threaded rod screwed into the
metal disk. From the recorded tensile force a nominal pull-off tensile strength is calculated on the
basis of the disk diameter (usually 50 mm). To convert this pull-off tensile strength into a cube (or
cylinder) compressive strength, a previously established empirical correlation chart is used; one such
typical chart is shown in Figure 6.2. 

The main advantage of the pull-off test is that it is simple and quick to perform. The entire process
of preparing the surface and bonding the metal disk should take no more than 15 min. Another advantage
is that the damage caused to the concrete surface after a test is not severe. The main limitation of the
method is the curing time required for the adhesive. In most situations, it is normal practice to apply
the disks one day and complete the test the next day. There is, however, a potential problem by doing
this in that, if the surface preparation has not been completed in the correct way or if the environmental
conditions are unfavorable, then this may cause the adhesive to fail. Thus, the test result is meaningless;
however, this will not be discovered until after the test has been completed. To compensate for this type
of problem, it is recommended that at least six disks be used to estimate the compressive strength and,
if necessary, one of the individual test results can be eliminated if an adhesive failure has occurred.

FIGURE 6.1  Schematic of the pull-off test showing the two procedures that can be used.

FIGURE 6.2  Example of compressive strength correlation for the pull-off test. (From Murray, A.McC., Ph.D. thesis,
The Queen’s University of Belfast, 1984.)
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However, with the advances that have taken place in the development of adhesives for the construction
industry, this particular limitation is becoming less of a problem.

Another aspect of the pull-off test worth considering is the correlation used to determine the com-
pressive strength. The single factor that has the greatest effect on this relationship is the type of coarse
aggregate used in the concrete, the greatest difference being between natural gravels and crushed rocks.1

Therefore, care should always be taken to ensure that the correlation being used is applicable in that
situation. Another criticism of the pull-off test is that only a surface layer of concrete no more than 5
mm thick is actually tested. However, if the partial coring technique shown in Figure 6.1 is used, then
the concrete will be tested at the depth to which the coring is completed. This approach of partial coring
is also used quite extensively for testing the bond strength of concrete repair mortars.

6.3 Measuring Concrete Permeation Properties

The main cause of nearly all concrete deterioration is the penetration into concrete of aggressive sub-
stances, for example, carbon dioxide, chloride ions, or sulfates. In most of these cases, water is also
required to sustain degradation. Therefore, durability can be improved significantly by producing con-
crete that is highly resistant to the ingress of external harmful substances. This approach is summarized
well by a quote from Mehta:2 “Impermeability of concrete should be the first line of defense against any
of the physiochemical deterioration processes.”

If this concept is to be used to ensure durable concrete, then to assess the potential durability of in
situ concrete it is necessary to measure the near-surface transport properties of the concrete because it
is the surface zone concrete (or “covercrete”) that is largely responsible for controlling durability. In this
section, details are provided of some of the test techniques available for measuring the near-surface
transport properties. This is not intended to be a complete, detailed discussion of all available test
techniques but rather a brief description of some of the most commonly used methods and their
advantages and disadvantages. One general point that must be borne in mind when discussing these tests
is that few of them measure absolute values of fundamental transport properties; what they do provide
is an index or relative value and this is useful for comparing one concrete with another.

6.3.1 Transport Processes

The following is a brief description of the main transport processes that describe the movement of
aggressive substances through concrete.

Adsorption: This is the process by which molecules adhere to the internal surface of concrete. It can
be either by physical forces of adhesion (van der Waals forces) or as a result of chemical bonds.3-5

Absorption: This is the process by which concrete takes in liquid by capillary suction to fill the pore
space available. The rate at which liquid enters the pores is termed absorptivity or sorptivity.4-6

Diffusion: This is the process by which a liquid, gas, or ions migrate through concrete under the action
of a molar concentration gradient. It is generally defined by a diffusion coefficient or a diffusivity value.4,6,7

Permeability: This is the property of concrete that describes resistance to a fluid penetration under the
action of a pressure gradient.4,8 Quite often, permeability is confused with porosity, and vice-versa. Porosity,
however, is merely a measure of the proportion of the total volume occupied by pores, usually expressed
as a percentage.7 It is conceivable, although somewhat improbable, that a concrete could be porous and
impermeable if it contained a series of disconnected air pockets separated by impermeable material.4

6.4 Description of Test Methods

6.4.1 Absorption Tests

Absorption tests involve the intake of a fluid due to capillary suction in the pores.9 Under perfect
conditions, the magnitude of capillary rise follows a linear relationship with the square root of time



elapsed, and the constant of proportionality is called the sorptivity. Ideally, this is the property that should
be measured in an absorption test.9 There are, however, practical limitations that hinder this, for example,
difficulty in achieving a unidirectional penetration of water and problems of determining the water
penetration depth without actually splitting open the concrete specimen. Because of these difficulties,
the absorption characteristics of concrete are usually measured indirectly by one of the following types
of test.

6.4.1.1 Standpipe Tests

One of the simplest techniques available for measuring the water absorption characteristics of concrete
is the standpipe test. This consists essentially of a vertical tube of suitable diameter glued onto the
horizontal concrete surface to be tested. Water is filled into the tube up to a certain level and then allowed
to be absorbed by the concrete. The amount of water absorbed per unit of time is reported as an index
of water absorptivity.

There are different versions of this type of test reported in the technical literature; however, in this
discussion only a brief description of three different methods is given. The first version is commonly
referred to as the “chimney method.”10 Its main features are that it has a constant head of 100 mm, a
standpipe diameter of 67 mm, and the water absorptivity index is calculated from the amount of water
absorbed over a 6-day period (measurements are taken every 24 h for the entire duration of the 6 days).
The second method is known as “Karsten’s pipe test.”11 This has a falling head of 100 mm, a 60-mm-
diameter standpipe, and the volume of water absorbed between minute 5 and minute 15 from the start
of the test is used as a measure of the absorptivity. The third approach is called the “Australian test.”12

This has a 200-mm falling head, a 100-mm-diameter standpipe, and the water absorptivity index is
determined from a graphical relationship developed between the head and time. This graphical relation-
ship can be developed either by observing the head for 2 h or by measuring the time until the head has
fallen by 100 mm. Although all of these tests are simple to carry out on site, they each have a low level
of sensitivity and thus are not that successful at detecting different levels of concrete performance.
Therefore, they are not used extensively.

6.4.1.2 Initial Surface Absorption Test (ISAT)

The initial surface absorption is defined as the rate of flow of water into the concrete surface per unit
area at a stated interval from the start of the test at a constant applied head and temperature.13 The first
version of a test to measure this property was proposed by Glanville in 1931.14 This was further developed
into a commercial test by Levitt15 and was incorporated into the British Standards in 1970.16 A brief
description of the British Standards version of this test is presented here.

The main components and general arrangement of the ISAT are shown in Figure 6.3. A circular cap
with a surface area of at least 5000 mm2 is clamped tightly onto the concrete surface and filled with water
from a reservoir. To ensure that all the air is removed from the cap during this operation, the flexible
tube (connected to the capillary) should not be connected to the outlet. Another requirement to ensure
that no air is trapped is that the cap should be made from a transparent material to allow the detection
of air bubbles. After the cap has been filled, the flexible tube is connected to the outlet. The other end
of the tube is connected to a horizontal, calibrated glass capillary tube. To commence a test the reservoir
is filled with water to a level that is 200 mm above the concrete surface (the same height as the horizontal
capillary tube). Once this has been achieved and there are no leaks or air bubbles in the system, the inlet
tap from the reservoir is closed. The movement of the water in the capillary tube is then monitored. This
monitoring should take place over a 2-min period at intervals of 10 min, 30 min, 1 h, and 2 h after the
start of the test. From the movement of the water in the calibrated capillary tube, the initial surface
absorption value can be calculated in units of mL/m2/s. The reason for measuring absorption at specified
intervals after the start of the test is that water absorption of a dry surface is initially high but decreases
as the water-filled length of the capillaries increases. A recommendation in the British Standard17 suggests
that it is not necessary for the test be conducted at 2 h after the start of the test because there will probably
be only a small amount of movement in the capillary tube. 



The main advantage of the ISAT is that it is a quick and simple nondestructive in situ test method
that can be used to measure water penetration into a concrete surface. It can also be used on exposed
aggregate and profiled surfaces provided a watertight seal is achieved. The difficulty of ensuring a
watertight seal is probably one of the greatest limitations of this test because of the problems achieving
this in practice. Another limitation is that the measured property is greatly affected by the moisture
condition of the concrete. This, however, applies to nearly all near-surface absorption and air permeability
tests and is best summarized by a quote from Neville:7 “A low value of initial surface absorption may be
due either to the inherent low absorption characteristics of the concrete tested or else to the fact that the
pores in poor-quality concrete are already full of water.” Another disadvantage is that the 200-mm head
of water is considered quite low, and although the results may be related to surface weather exposure
they are of little relevance to behavior under high water pressures. In view of these advantages and
disadvantages, the main application of the ISAT is as a quality control test for precast concrete units that
can be tested whenever they are “dry.” The technique can also be used as a comparative test on in situ
concrete for assessment of potential durability.

6.4.1.3 Autoclam Sorptivity Test

The idea for the “Clam” test was first reported by Montgomery and Adams18 in the early 1980s. Initially,
it was only a water permeability test. It was then modified and the “Universal Clam” was produced. This
could measure both water and air permeability. Although the test was quite advanced at the time, it still
was essentially a manual test with piston movement (which controlled the pressure) performed by a
micrometer screw.

In the early 1990s, Basheer19 completed further development work that not only standardized the tests
but also made the whole process fully automatic. This version of the Clam, the “Autoclam,” is controlled
by a microprocessor and has a complete data acquisition and transfer facility to enable computer analysis
of the results. Three types of test are now possible: water absorption, air permeability, and water perme-
ability. The Autoclam is commercially available. In this section, the water absorption test is described,
and in a later section the air and water permeability tests are presented.

The first step for all three Autoclam tests is to clamp or glue a steel base ring onto the concrete surface
(Figure 6.4A). If clamping is being used, a rubber ring is placed between the base ring and the concrete
to ensure an air- and water-tight seal. The base ring usually has an internal diameter of 50 mm. The
actual Autoclam test apparatus is then clamped onto the base ring. This overall arrangement is shown
in Figure 6.4B. For a water absorption test, both the priming and bleed valves are opened and the piston
is raised to the top of the cylinder using the controller. Using a syringe, the user introduces water into
the test area through the priming valve with air escaping through the bleed valve. After a steady flow of
water out of the bleed valve has been achieved, the bleed valve is closed and, using the syringe, the water
pressure is increased to slightly below 0.02 bar. The priming valve is then closed and the test started by
means of the control panel. At this point, a stepper motor increases the water pressure to exactly 0.02

FIGURE 6.3  Schematic of initial surface absorption test (ISAT).
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bar and the test commences. An applied pressure of 0.02 bar is used because this corresponds to a water
head of approximately 200 mm, which is the same as in the ISAT. As the test commences, water is absorbed
immediately into the concrete and thus the pressure tends to decrease; however, the piston moves
downward to maintain the pressure. This piston travel is monitored every minute for 15 min and, knowing
the cross-sectional area of the piston, the volume of water absorbed can be determined. If the cumulative
volume of water absorbed is plotted against the square root of time, a linear relationship is achieved and
the gradient of this relationship is reported as the sorptivity index, in units of m3/÷min. Start-up errors
can be avoided if only the portion of the straight-line relationship between minute 5 and minute 15 is used.

The main advantages of this test are that it is relatively simple and easy to perform, the recorded results
have a high level of accuracy, and the apparatus is completely portable allowing easy use on-site and in
the laboratory. The disadvantages are generally the same as the ISAT; the main problem is the practical
difficulties in clamping the base ring onto the concrete surface.

FIGURE 6.4  Schematic of Autoclam tests. (From Basheer, P.A.M., Ph.D. thesis, The Queen’s University of Belfast,
1991.)
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6.4.1.4 Figg Water-Absorption Test

The development of this test, known as a “drill-hole” absorptivity test, was first reported by Figg in 1973.20

The commercial trade name for the apparatus is the “Poroscope.” A schematic showing the apparatus
and test setup is presented in Figure 6.5. The first step in performing a test is to drill a hole, 10 mm in
diameter and 40 mm deep, normal to the concrete surface with a masonry bit. After thorough cleaning
of the hole, a silicone plug is placed into the hole to leave a 20-mm-long cavity, 20 mm below the concrete
surface. A hypodermic needle with a very fine canula passing through it is inserted through the silicone
plug until the canula touches the bottom of the cavity. A two-way connector and various flexible tubes
are used to connect the hypodermic needle to a syringe and a horizontal calibrated capillary tube set 100
mm above the bottom of the cavity. The syringe is used to inject water through the canula into the cavity.
As water enters through the canula, air in the cavity escapes through the flexible tubes. When the system
is full of water and a check has been made to ensure no air is trapped, the syringe is isolated. At this
point the concrete being tested is subjected to a water head of approximately 100 mm. As time elapses,
water is absorbed into the concrete and thus the meniscus in the capillary tube moves. The time required
for this meniscus to move 50 mm is taken as a measure of the water absorption of the concrete. This
obtained value is called the absorption index and is measured in seconds. Obviously, a higher absorption
index value corresponds to a better-quality concrete. 

FIGURE 6.5  Schematic of Figg tests.
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The main advantages of the Figg water absorption test are that it is a simple and easy test to complete
and the cost of the equipment is relatively low. One of the main limitations is that during drilling of the
hole microcracks may be formed in the surrounding concrete, which may defeat the purpose of the test
by altering the absorption mechanism. Another possible limitation is that, because this test involves
concrete that is approximately 20 mm below the surface, this test cannot be used to assess the performance
of surface treatments, for example, surface penetrants or controlled permeability formwork. Bungey,13

however, has also described this limitation as an advantage because the recorded results are not influenced
by localized surface effects such as carbonation of the outer few millimeters of concrete.

6.4.2 Permeability Tests

Permeability tests measure the flow of a liquid or gas into the concrete under the action of a pressure
gradient. They can be either steady state or nonsteady state depending on the condition of flow established
within the pore system of the concrete.

6.4.2.1 Autoclam Water and Air Permeability Tests

In the absorption tests described in the previous section, to ensure that water penetration is governed
by sorptivity of the concrete, a low water pressure is used (a water head of no more than 200 mm in
each case). To measure the permeability of concrete, the same type of tests (in principle) is used, but to
establish a suitable pressure gradient, much higher test pressures are used. This is the case with the
Autoclam water permeability test, which uses the same apparatus and setup as the Autoclam sorptivity
test (Figure 6.4). The only difference between the two is the water pressure used during the actual test.
For the water permeability test, the water pressure is maintained at 1.5 bar compared with 0.02 bar for
the water absorption test. The test principle and procedure is exactly the same in both cases with the
water permeability index calculated in the same way as the sorptivity index.

The third test that can be completed by the Autoclam apparatus is the air permeability test. The overall
apparatus and arrangement for this test are shown in Figure 6.4C. The main difference between the air
permeability test and water absorption or permeability test is that during an air test the piston is
positioned at the bottom of the cylinder. Using a syringe attached to the priming valve, the user increases
the air pressure inside the test chamber to slightly above 0.5 bar. The priming valve is then closed and
the test is started by means of the control panel. The test apparatus monitors the pressure decay auto-
matically every minute for 15 min or until the pressure has dropped to zero. The plot of the natural
logarithm of pressure against time is linear, and the gradient of the linear regression line between minute
5 and minute 15 (for tests lasting for 15 min) is reported as the air permeability index with units of loge

(bar)/min. If the pressure drops to zero before the end of the 15-min test duration, the data from the
start of the test are used to determine the permeability index.

Air and water permeability indices, as opposed to coefficients of permeability, are the reported prop-
erties from these tests because steady state is not achieved during any of the tests. Similar to the Autoclam
sorptivity test, the Autoclam air and water permeability tests also have the advantage that they are quick
and simple to perform both on-site and in the laboratory.

6.4.2.2 Figg Air Permeability Test

The overall arrangement for the Figg air permeability test is shown in Figure 6.5B. The hole preparation
and layout for the air test is the same as the water test (Figure 6.5A). The only difference between the
two tests is in the apparatus used to complete the test. For the air test, a three-way connector connects
the hypodermic needle to a digital manometer and a hand-operated vacuum pump. To complete a test,
the pump is used to reduce the pressure in the cavity to 55 kPa below atmospheric pressure. A valve is
then closed to isolate the vacuum pump. Subsequently, air flows into the cavity and the pressure increases.
The time taken for the pressure to increase by 5 kPa, that is, to a cavity pressure of –50 kPa is recorded
using a stopwatch and this is reported as the air permeability index. Similar to the Figg water test, a
higher air permeability index value corresponds to a less permeable concrete. The advantages and



disadvantages of the Figg water absorption test discussed in the previous section also apply to the Figg
air permeability test.

6.4.2.3 Schönlin Air Permeability Test

As discussed in the previous sections, the main limitation of the Figg testing apparatus is that a hole
needs to be drilled into the concrete surface to complete the test. This causes damage to the concrete
surface and the drilling operation may also cause microcracking that may affect the permeation properties
being measured. In an attempt to eradicate these problems, the Schönlin test was developed. This test is
almost identical in concept to the Figg air permeability test. The main difference between the two methods
is that the Schönlin test is completed on the surface of the concrete.

A schematic showing the setup for the Schönlin test is presented in Figure 6.6. As can be seen in this
figure, a 50-mm-diameter chamber of known volume is placed on the concrete surface. A vacuum pump
is used to evacuate the chamber to a pressure less than 99 kPa below atmospheric pressure.21 The valve to
the pump is then closed, and the time when the vacuum reaches a pressure of  -95 kPa is taken as the start
of the test. The time required for the vacuum to reach a pressure of  -70 kPa is measured and, knowing
the volume of the chamber, the air permeability index in units of m2/s can be calculated. If the concrete
being tested has a very low permeability, then instead of waiting until a vacuum pressure of  -70 kPa is
achieved, the vacuum pressure change during a 2-min interval is used to calculate the air permeability
index. 

The main advantage of the Schönlin test is that, because a vacuum is created in the chamber, no
permanent attachment or clamping arrangement is required to hold the test apparatus in position. This
test, just as all the other tests described previously, is also considerably influenced by the moisture
condition of the concrete. In an attempt to eliminate this problem, Schönlin and Hilsdorf21 suggested
that the concrete surface should be dried with hot air for 5 min before the start of a test. This appears
to be quite a good idea; however, to achieve the maximum benefit some form of moisture measurement
technique needs to be employed to establish the exact moisture condition of the concrete.

6.4.2.4 Surface Airflow Test

The surface airflow test (SAF) is based on a method used by the petroleum industry to determine the
permeability of rock cores.22 A schematic of the apparatus is shown in Figure 6.7. To complete a test, a
vacuum plate is placed on the concrete surface. Valves A, B, and C (shown in Figure 6.7) are closed. The
vacuum pump is started and allowed to stabilize at a vacuum pressure of approximately  -83 kPa. Because
of the capacity of the pump, this should take no more than 15 s. Valve A is then opened allowing the
vacuum to be created inside the vacuum plate (again, a pressure of  -83 kPa should be achieved relatively
quickly). After the vacuum has been created, valve A is closed and valve B is opened. To maintain the
vacuum pressure, the air that has permeated into the vacuum chamber through the concrete is drawn
out through the flow meter. After a period of approximately 15 seconds, to allow the system to stabilize,

FIGURE 6.6  Schematic of Schönlin surface air permeability test.
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the flow rate of the air is measured using a flowmeter as shown Figure 6.7. This flow rate is used as a
measure of the surface air permeability. Similar to the Schönlin test, if it is suspected that the surface
layer has high moisture content, the surface should be dried with hot air. 

6.5 Concluding Remarks

This chapter has presented a brief description of the pull-off strength testing technique and a short
discussion of the principles, advantages, and disadvantages of some of the techniques available for
measuring the permeation properties of concrete. The intention of this chapter has not been to provide
a complete exhaustive list and details of all possible test techniques but rather a brief description of some
of the most popular test techniques. If more detailed information about any of the test techniques is
required, then the appropriate references quoted should be consulted.
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7.1 Introduction

An important dynamic property of any elastic system is the natural frequency of vibration. For a vibrating
beam of given dimensions, the natural frequency of vibration is mainly related to the dynamic modulus
of elasticity and density. Hence, the dynamic modulus of elasticity of a material can be determined from
the measurement of the natural frequency of vibration of prismatic bars and the mathematical relation-
ships existing between the two. These relationships were derived for solid media considered to be
homogeneous, isotropic, and perfectly elastic, but they may be applied to heterogeneous systems, such
as concrete, when the dimensions of the specimens are large in relation to the size of the constituents of
the material.

For flexural vibrations of a long-thin rod, the following equation or its equivalent may be found in
any complete textbook on sound:1

(7.1)

and solving for E

(7.2)

where
E = dynamic modulus of elasticity
d = density of the material
L = length of the specimen
N = fundamental flexural frequency
k = radius of gyration of the section about an axis perpendicular to the plane of bending
k = t/12 for rectangular cross section where t = thickness

m = a constant (4.73 for the fundamental mode of vibration)

The dynamic modulus of elasticity can also be computed from the fundamental longitudinal frequency
of vibration of a specimen, according to the following equation:2

E = 4L2dN2 (7.3)

Equations 7.1 and 7.3 were obtained by solving the respective differential equations for the motion of
a bar vibrating: (1) in flexure in the free-free mode, and (2) in the longitudinal mode.

Thus, the resonant frequency of vibration of a concrete specimen or structure directly relates to its
dynamic modulus of elasticity and, hence, its mechanical integrity. The method of determining the
dynamic elastic moduli of solid bodies from their resonant frequencies has been in use for the past 55
years. However, until up to the last few years, resonant frequency methods had been used almost
exclusively in laboratory studies. In these studies, natural frequencies of vibration are determined on
concrete prisms and cylinders in order to calculate the dynamic moduli of elasticity and rigidity, the
Poisson’s ratio, and for monitoring the degradation of concrete during durability tests.

7.2 Resonant Frequency Method

This method was first developed by Powers3 in the United States in 1938. He determined the resonant
frequency by matching the musical tone created by concrete specimens, usually 51 51 241-mm prisms,
when tapped by a hammer, with the tone created by one of a set of orchestra bells calibrated according

N
m k

L

E

d

2

22

E
L N d

m k

4 2 4 2

4 2



to frequency. The error likely to occur in matching the frequency of the concrete specimens to the
calibrated bells was of the order of 3%. The shortcomings of this approach, such as the subjective nature
of the test, are obvious. But this method laid the groundwork for the subsequent development of more
sophisticated methods.

In 1939 Hornibrook4 refined the method by using electronic equipment to measure resonant frequency.
Other early investigations on the development of this method included those by Thomson5 in 1940, by
Obert and Duvall2 in 1941, and by Stanton6 in 1944. In all the tests that followed the work of Hornibrook,
the specimens were excited by a vibrating force. Resonance was indicated by the attainment of vibrations
having maximum amplitude as the driving frequency was changed. The resonant frequency was read
accurately from the graduated scale of the variable driving audio oscillator. The equipment is usually
known as a sonometer, and the equipment has been used to measure various dynamic moduli of
concrete.7–15

7.2.1 Test Equipment

The testing apparatus required by ASTM C 215-85, entitled “Standard Test Method for Fundamental
Transverse, Longitudinal, and Torsional Frequencies of Concrete Specimens,”7 is shown schematically in
Figure 7.1. Equipment meeting the ASTM requirements has been designed by various commercial
organizations. One of the commercially available sonometers is shown in Figure 7.2. The resonant
frequency test equipment presently used in monitoring the long-term deterioration of massive concrete
blocks (dimension 305 305 915-mm) exposed to sea water in Treat Island, Maine, is shown in
Figure 7.3.

The testing apparatus consists primarily of two sections, one generates mechanical vibrations and the
other senses these vibrations.8

FIGURE 7.1  Schematic diagram of a typical apparatus for the forced resonance method showing driver and pick-
up positions for the three types of vibration. (A) Transverse resonance. (B) Torsional resonance. (C) Longitudinal
resonance. (Adapted from ASTM C 215-85, Annual Book of ASTM Standards, Vol. 04.02, 1986, p. 123.)
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7.2.2 Vibration Generating Section

The principal part of this section is an electronic audio-frequency oscillator, which generates electrical
audio-frequency voltages. The oscillator output is amplified to a level suitable for producing mechanical
vibrations. The relatively undistorted power output of the amplifier is fed to the driver unit for conversion
into mechanical vibrations.

7.2.3 Vibration Sensing Section

The mechanical vibrations are sensed by a piezoelectric transducer. The transducer is contained in a
separate unit and converts mechanical vibrations to electrical AC voltage of the same frequencies. These
voltages are amplified for the operation of a panel-mounted meter which indicates the amplitude of the
transducer output. As the frequency of the driver oscillator is varied, maximum deflection of the meter
needle indicates when resonance is attained. Visible indications that the specimens are vibrating at their
fundamental modes can be obtained easily through the use of an auxiliary cathode-ray oscilloscope, and
its use is generally recommended.

FIGURE 7.2  Longitudinal resonance testing of a 76 102 406-mm concrete prism by a sonometer.

FIGURE 7.3  The resonant frequency test equipment used in monitoring the deterioration of 305 305 915-mm
concrete blocks exposed to sea water in Treat Island, Maine.



7.2.4 Operation of the Sonometer

Some skill and experience are needed to determine the fundamental resonant frequency using a meter-
type indicator because several resonant frequencies may be obtained corresponding to different modes
of vibration. Specimens having either very small or very large ratios of length to maximum transverse
direction are frequently difficult to excite in the fundamental mode of transverse vibration. It has been
suggested that the best results are obtained when this ratio is between three and five.

The supports for the specimen under test should be of a material having a fundamental frequency
outside the frequency range being investigated and should permit the specimen to vibrate without
significant restriction. Ideally, the specimens should be held at the nodal points, but a sheet of soft sponge
rubber is quite satisfactory and is preferred if the specimens are being used for freezing and thawing
studies.

The fundamental transverse vibration of a specimen has two nodal points, at distances from each end
of 0.224 times the length. The vibration amplitude is maximum at the ends, about three fifths of the
maximum at the center, and zero at the nodal points. Therefore, movement of the pickup along the
length of the specimen and observation of the meter reading will show whether the specimen is vibrating
at its fundamental frequency.

For fundamental longitudinal and torsional vibrations, there is a point of zero vibration (node) at the
midpoint of the specimen and the maximum amplitude is at the ends.

Sometimes in resonance testing of concrete specimens, two resonant frequencies may appear which
are close together. Kesler and Higuchi12 believed this to be caused by a nonsymmetrical shape of the
specimen that causes interference due to vibration of the specimen in some direction other than that
intended. Proper choice of specimen size and shape should practically eliminate this problem; for
example, in a specimen of rectangular cross section the above problem can be eliminated by vibrating
the specimen in the direction parallel to the short side.

In performing resonant frequency tests, it is helpful to have an estimate of the expected fundamental
frequency. Table 7.1 shows the approximate ranges of fundamental longitudinal and flexural resonant
frequencies of standard concrete specimens given by Jones.13

7.2.5 Calculation of Dynamic Moduli of Elasticity and Rigidity and Poisson’s 
Ratio

The dynamic moduli of elasticity and rigidity and the Poisson’s ratio of the concrete can be calculated
by equations given in ASTM C 215-02. These are modifications of theoretical equations applicable to
specimens that are very long in relation to their cross section, and were developed and verified by Pickett9

and Spinner and Tefft.10 The corrections to the theoretical equations in all cases involve Poisson’s ratio
and are considerably greater for transverse resonant frequency than for longitudinal resonant frequency.
For example, a standard 102 102 510-mm prism requires a correction factor of about 27% at the
fundamental transverse resonance, as compared with less than 0.5% at the fundamental longitudinal
resonance.13,15 The longitudinal and flexural modes of vibration give nearly the same value for the dynamic

TABLE 7.1 Approximate Ranges of Resonant Frequencies of Concrete Prism and 
Cylinder Specimens

Approximate Range of Resonant Frequency, Hz

Size of Specimens (mm) Transverse Longitudinal

152 152 710-mm prism 550–1150 1800–3200
102 102 510-mm prism 900–1600 2500–4500
152 305-mm cylinder 2500–4500 4000–7500

From Jones, R., Non-Destructive Testing of Concrete, Cambridge University Press, London,
1962. With permission.



modulus of elasticity. The dynamic modulus of elasticity may range from 14.0 GPa, for low quality
concretes at early ages, to 48.0 GPa for good quality concrete at later ages.11 The dynamic modulus of
rigidity is about 40% of the modulus of elasticity.14

7.3 Other Methods of Resonant Frequent Testing

A method for determining fundamental frequencies was proposed by Gaidis and Rosenburg16 as an
alternative to the ASTM C 215 method. In this method, the concrete specimen is struck with a small
hammer. The impact causes the specimen to vibrate at its natural frequencies. The amplitude and
frequency of the resonant vibrations are obtained using a spectrum analyzer that determines the com-
ponent frequencies via the fast Fourier transform. The amplitude of the specimen response vs. frequency
is displayed on the screen of a cathode ray tube, and the frequencies of major peaks can be read directly.

In operation, the pick-up accelerometer is fastened to the end of the specimen with microcrystalline
wax, and the specimen is struck lightly with a hammer. The output of the accelerometer is recorded by
the waveform analyzer and recorded signal is processed to obtain the frequency response. On the resulting
amplitude vs. frequency curve, a dot marker may be moved to coincide with the peak, and the frequency
value of the peak is displayed on the screen (Figure 7.4). Some typical results obtained with this method
and those obtained with ASTM C 215 are shown in Table 7.2. The advantages of this method over the
forced-resonance procedure in ASTM C 215 are the greater speed of testing, and capability of testing
specimens having a wide range of dimensions. However, the initial high cost of equipment appears to
be a disadvantage. In 1991, this impact resonance procedure was adopted by ASTM as an alternative to
the existing procedure. 

7.4 Factors Affecting Resonant Frequency and Dynamic Modulus 
of Elasticity

A number of factors affect the resonant frequency measurements, the dynamic modulus of elasticity, or
both. Some of these are discussed below. 

7.4.1 Influence of Mix Proportions and Properties of Aggregates

The dynamic modulus of elasticity of concrete is affected by the elastic moduli of its constituent materials
and their relative proportions. According to Jones,13 for a given composition of cement paste, that is, the

FIGURE 7.4  The amplitude of specimen response vs. frequency, displayed on a cathode-ray tube. (Adapted from
Reference 16.)



same water-cement ratio, the elastic modulus of hardened concrete increases with an increase in the
percentage of total aggregate. It has also been reported that an increase in the amount of mixing water
or in the volume of entrapped air reduces the dynamic modulus of elasticity.13

In a recent CANMET study* of concretes incorporating high volumes of low-calcium fly ashes, the
values of static and dynamic elastic moduli were found to be relatively high in relation to the strength.
The higher values are believed to be caused by the unhydrated fly ash particles acting as fine filler in the
concrete.

7.4.2 Specimen-Size Effect

Obert and Duvall2 demonstrated that for a given concrete, the value of the dynamic modulus of elasticity
varies depending on the size of specimen used in the measurements. The larger specimens, because of
their dimensions and weight, have lower resonant frequencies. Kesler and Higuchi12 found that longer
beams resonating at lower frequencies gave higher elastic moduli than did proportionately smaller beams.
On the other hand, Jones13 found little change in the dynamic modulus for different specimens having
a frequency range of 70 to 10,000 Hz. Thornton and Alexander17 pointed out that, if other parameters
remain unchanged, the resonant frequency of the fundamental flexural mode will increase with the
increase in thickness or with the decrease in length of the specimen.

7.4.3 Influence of Curing Conditions

Obert and Duvall2 have shown that although the dynamic modulus of elasticity depends on the moisture
content, the change in the elastic modulus with drying is rather small after about 3 or 4 days of air drying.
Further, it has been shown that a large decrease in the dynamic modulus of elasticity occurs over the
first 48 h of oven drying but the subsequent change is small. Oven drying, even at as low a temperature
as 34˚C, causes an irreversible reduction of the elastic modulus. A possible explanation is that shrinkage
results in micro-cracking of paste with subsequent reduction in its stiffness and thus affecting the value
of the dynamic modulus of elasticity.

Kesler and Higuchi18 in their studies have concluded:

1. For the same curing conditions, the dynamic modulus of elasticity increases as the strength
increases.

TABLE 7.2 Fundamental Transverse Frequencies of Concrete Determined 
Using ASTM C 215 and the Impact-Resonance Method

Prism Size, mm
ASTM C 215 Method 

Frequency (Hz)
Spectrum Analyzer 

Frequency (Hz)

76.2 102 406 1762 1760
76.2 102 406 1725 1720
76.2 102 406 728 620
76.2 102 406 1936 1860
76.2 102 406 1912 1920
76.2 102 406 1243 980
25.4 25.4 279 1148 1160
25.4 25.4 279 1077 1060
25.4 25.4 279 977 980
25.4 25.4 279( ) 501 400

damaged by freezing and thawing cycling.
From Gaidis, J.M. and Rosenburg, M., Cem. Concr. and Aggr., 8, 117, 1986. 

*Unpublished CANMET data.



2. If the concrete is kept moist, the  modulus of elasticity increases with age, and if the concrete is
allowed to dry, the modulus of elasticity decreases with age.

However, studies on large blocks incorporating large amounts of supplementary cementing materials
have indicated that longer periods of air-drying do not cause any detrimental effects on the static and
dynamic moduli of elasticity. These findings have been confirmed by pulse-velocity measurements as
well. The strength gain in these concretes over longer periods of time due to the pozzolanic reaction of
the supplementary materials appears to cause the increase in elastic moduli.

Jones13 reported significant differences in the values of elastic moduli determined from flexural and
longitudinal resonance tests on beam specimens moist-cured for 25 days and subsequently air-cured for
150 days. The above difference is believed to have been caused by the loss of moisture resulting in gradients
for moisture content, elastic modulus, and density in each dimension of the beam. These gradients would
affect the flexural and longitudinal modes of vibration in different ways.

The effects of curing conditions on the resonant frequency and dynamic modulus of elasticity are
rather critical. Unless special curing conditions are required, water-curing is to be preferred and the
specimen should be in a water-saturated or saturated-surface-dry condition at the time of test. This will
help in achieving more reproducible results.

7.5 Resonant Frequency and Durability of Concrete

The determination of flexural resonance has been employed to advantage in studying the effects of
successive accelerated freezing and thawing cycles and aggressive environments on concrete specimens.
The advantages of resonance methods in this regard are:

1. The repeated tests can be carried out on the same specimens over a very long period, and the
number of test specimens to be cast is therefore greatly reduced.

2. The results obtained with flexural resonance methods on the same specimen are more reproducible
than those obtained with destructive tests on a group of supposedly duplicate specimens.

7.5.1 Deterioration of Concrete in Freezing and Thawing Cycling

Extensive studies of changes in dynamic modulus of elasticity with the deterioration of concrete subject to
repeated cycles of freezing and thawing have been reported by Hornibrook,4 Thomson,5 Long and Kurtz,19

Axon et al.,20 and Malhotra and Zoldners.21–23 Results of one such study are shown in Figure 7.5. 
The ASTM Method C 666-84, entitled “Standard Test Method for Resistance of Concrete to Rapid

Freezing and Thawing,” specifies resonant frequency methods for studying the deterioration of concrete
specimens subjected to repeated cycles of freezing and thawing. The standard requires the calculation of
the relative dynamic modulus of elasticity and durability factor.

Wright and Gregory24 suggested the use of the resonant frequency values rather than the values of
dynamic elastic modulus as a criterion for evaluating the results of freezing and thawing tests. This is
because the calculations for the dynamic elastic modulus are based on the assumption that concrete is
isotropic and homogeneous material, which it is not. The calculations in ASTM C 666 use the square of
the resonant frequency values to evaluate the test results. Changes in the shape factor, due to dimensional
changes during the test, are ignored.

7.5.2 Corrosion of Concrete in Aggressive Media

A number of studies have been reported in which resonance methods have been used to determine the
damage sustained by concrete in aggressive media such as acidic or alkaline environments.

In one study, the corrosive effect of ammonium nitrate-based fertilizers on blended natural poz-
zolan-portland cement concretes was investigated by testing for dynamic modulus of elasticity and
density for 8 weeks.25 It was observed that the corrosive effect increased with nitrification of the alkaline



medium, and the concretes made with pozzolan-substituted cements were more damaged than the
portland cement concretes. Studies dealing with the determination of the dynamic elastic modulus of
concrete specimens made from five different types of cements and subjected to the action of ammonium
nitrate solution have been reported by Chefdeville.26 In his investigation, the percentage reduction in
the dynamic elastic modulus of elasticity of the concrete specimens was calculated by subjecting the
specimens to resonant frequency testing at predetermined intervals. It was found that the reduction
in the dynamic elastic modulus is somewhat similar to that obtained in the freezing and thawing
studies. The corrosive effects of dilute sulfuric acid and acetic acids on concrete prisms have also been
reported by Stuterheim et al.12-b

7.6 Reproducibility of Test Results

Limited data are available on the reproducibility of the dynamic modulus of elasticity based on resonance
tests. Jones13 has published data indicating that for standard-size prisms and cylinders the reproducibility
of dynamic modulus of elasticity is superior to that obtained in static tests (Table 7.3). According to
Jones, the greater variability of the static elastic modulus results is due to greater errors introduced in
the testing procedure rather than to greater variability between specimens. On the other hand, each of
the measurements needed to determine the dynamic elastic modulus by resonance methods, that is, the
resonant frequency, length, and density, can be measured accurately. 

ASTM C 215 gives the following precision statement for fundamental transverse frequency only,
determined on concrete prisms as originally cast.

Single-Operator Precision — Criteria for judging the acceptability of measurements of fundamental
transverse frequency obtained by a single operator in a single laboratory on concrete specimens made
from the same materials and subjected to the same conditions are given in below. These limits apply
over the range of fundamental transverse frequency from 1400 to 3300 Hz. 

FIGURE 7.5  Effect of cycles of freezing and thawing on dynamic modulus of elasticity. (Adapted from Reference 19.)



Note 1 — The coefficients of variation for fundamental transverse frequency have been found to be
relatively constant over the range of frequencies given for a range of specimen sizes and age or condition
of the concrete, within limits.

The different specimen sizes represented by the data include the following (the first dimension is the
direction of vibration):

76 by 102 by 406 mm (3 by 4 by 16 in.)

102 by 76 by 406 mm (4 by 3 by 16 in.)

89 by 114 by 406 mm (31/2 by 41/2 by 16 in.)

76 by 76 by 286 mm (3 by 3 by 111/4 in.)

102 by 89 by 406 mm (4 by 31/2 by 16 in.)

76 by 76 by 413 mm (3 by 3 by 161/4 in.)

The multilaboratory coefficient of variation for averages of three specimens from a single batch of
concrete has been found to be 3.9% for fundamental transverse frequencies over the range from 1400
to 3300 Hz (Note 2). Therefore, two averages of three specimens from the same batch tested in different
laboratories should not differ by more than 11.0% of their common average (see Note 6).

Note 2 — These numbers represent, respectively, the 1S and D2S limits as described in Practice C 670,
where 1S is the estimate of the standard deviation characteristic of the total statistical population and
D2S is the difference between two individual test results that would be equaled or exceeded in the
long run in only 1 case in 20 in the normal and correct operation of the method.

TABLE 7.3 Comparison of Reproducibility of the Standard Methods of Measuring Static and 
Dynamic Young’s Modulus of Elasticity

Size of Specimen (mm)
Young’s Modulus 

of Elasticity No. of Specimens
Standard Error of 3 

Results (MPa)

152 305-mm cylinder Static 3 604
76 76 305-mm prisms Static 3 1000
152 152 710-mm prisms Dynamic 3 270
102 102 510-mm prisms Dynamic 3 350
76 76 305-mm prisms Dynamic 3 370

From Jones, R., Non-Destructive Testing of Concrete, Cambridge University Press, London, 1962. With
permission.

Test Results for Single Operator in a Single Laboratory

Coefficient of 
Variation, %a

Acceptable Range of Two 
Results, % of Averagea

Within-batch single specimen 1.0 2.8
Within-batch, average of 3 specimensb 0.6 1.7
Between-batch, average of 3 specimens per batch 1.0 2.8

a These numbers represent, respectively, the 1S% and D2S% limits as described in Practice C 670.
b Calculated as described in Practice C 670.



7.7 Correlation between Dynamic Modulus of Elasticity and 
Strength Properties of Concrete

Several investigators27–34 have attempted to establish empirical relationships between the dynamic mod-
ulus of elasticity and strength of concrete. Some of these correlations appear to hold for the particular
type of concrete investigated, but it is doubtful that any generalized relationships can be given. Therefore,
if the flexural and compressive strengths of concrete are to be estimated from the dynamic modulus of
elasticity, it is essential first to establish an experimental relationship between these strengths and the
dynamic modulus of elasticity.

Jones13 stated that no general relationship exists between the dynamic elastic modulus of concrete and
its flexural or compressive strength. Nevertheless, he concluded that limited correlations are obtained
when the changes in the dynamic elastic modulus and strength are produced by changes in the age of
the concrete, the degree of compaction, the water-cement ratio, or by deterioration.

Notwithstanding the above limitations, relationships, between the strength parameters and the
dynamic modulus of elasticity have been reported by various researchers.31,34 Two such relationships are
illustrated in Figures 7.6 and 7.7.  

7.8 Comparison of Moduli of Elasticity Determined from 
Longitudinal and Transverse Frequencies

In routine calculation of dynamic elastic modulus, only the transverse frequencies are determined because
it is generally easier to determine the transverse resonant frequency. However, Batchelder and Lewis35

have shown that excellent correlation exists between the elastic moduli calculated from the transverse
and longitudinal frequencies (Figure 7.8).

In his studies, Jones13,15 found that for wet concretes there was no appreciable difference in the dynamic
modulus of elasticity determined from the transverse and longitudinal modes of vibration. However,
when the beams were allowed to dry, the dynamic elastic modulus calculated from the transverse
vibrations was lower than that calculated from longitudinal vibrations. This was attributed to the moisture
gradients within the concrete beams.

7.9 Comparison of Dynamic and Static Moduli of Elasticity

A considerable amount of work has been carried out by various researchers to establish the relationship
between the dynamic elastic modulus and static elastic modulus obtained from conventional stress-strain

FIGURE 7.6  Relationship between dynamic modulus of elasticity and compressive strength of concrete. (Adapted
from Reference 31.)
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FIGURE 7.7  Relationship between dynamic modulus of elasticity and 28-day flexural strength of concrete. (Adapted
from Reference 34.)

FIGURE 7.8  Comparison of dynamic moduli of elasticity determined from longitudinal and transverse frequencies.
(Adapted from Reference 35.)
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tests conducted at low rates of loading as in ASTM C 469. It should be noted that resonance tests subject
the concrete to very low strains compared to static load tests. The following observations may be made
from the investigations by Powers,3 Stanton,6 Sharma and Gupta,31 Whitehurst,36 Klieger,37 and Philleo:38

1. The dynamic modulus of elasticity is generally somewhat higher than the static elastic modulus;
the difference depends upon the degree of precautions taken during the conduct of the experiments
and the applications of the correction factors allowed for in the equations for the computations
of the dynamic elastic modulus.

2. As the age of the specimen increases, the ratio of static elastic modulus to dynamic modulus also
increases and more nearly approaches 1.0.*

3. For higher static moduli of elasticity, the values for both dynamic and static moduli of elasticity
show close agreement.

Figure 7.9 shows the relationship between static and dynamic elastic moduli for high-strength concrete
as developed by Sharma and Gupta.31

Hansen39 reported an investigation in which concretes with paste contents of 32 and 50%, each having
water-cement ratios of 0.40 and 0.60, were investigated together with a concrete with 20% replacement
of cement by silica fume. This study showed that the static elastic modulus determined according to
ASTM C 469 could be predicted from the dynamic elastic modulus computed using the resonance
technique. It was also shown that the entire static elastic modulus vs. strength relationship for each
concrete could be predicted from early age measurements of dynamic elastic modulus and compressive
strength. Figure 7.10 shows the excellent agreement of the results of this study to those obtained by Kesler
and Higuchi.18

*On the basis of tests of 2-year-old specimens reported by Witte and Price,6 the static elastic modulus in compres-
sion  was equivalent to 89% of the dynamic modulus, while the static elastic modulus in flexure was equal to 88%
of the dynamic modulus. When the tests were repeated after the specimens were 3 years old, these values were found
to be 96 and 87%, respectively.

FIGURE 7.9  Relationship between static modulus of elasticity and ratio of static to dynamic moduli. (Adapted from
Reference 31.)
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Figure 7.11 shows the elastic modulus-compressive strength curves obtained from early-age results
(less than 3 days) as well as those obtained over the entire age span investigated. The predicted modulus
of elasticity values are within 5% and 1% for the two systems with and without silica fume, respectively,
when compared with those calculated from regression curves, based on data up to 28 days. 

7.10 Specialized Applications of Resonance Tests

Gatfield40 has reported a relatively simple and inexpensive technique for fatigue tests of plain concrete
using the resonant frequency method. In his method, significant vibratory strains up to 120 10–6 are
induced on concrete specimens in flexure. The local failures caused by the loading are determined by
measuring the changes in flexural resonant frequency. Also, studies on creep and relaxation of concrete
using the resonant frequency techniques have been reported by Chang and Kesler.41,42

The variations in the dynamic elastic modulus measured before and after the test specimens were
subjected to loading-unloading cycles have been published by Daxelhofer.12-k It was concluded that the
stressing of concrete even for a short time affected the dynamic elastic modulus, which showed a decrease
of 3 to 3.5% at 28 days.

Thornton and Alexander17 observed in a study that the dynamic elastic modulus of large concrete
structures, and hence, their mechanical integrity, can be assessed by measuring the fundamental resonant
frequency of vibration. In this investigation, mathematical and physical modeling tests of large concrete
piers were performed in order to establish the range of frequencies expected when actual tests were
performed. Following the laboratory modeling, resonant frequency measurements were performed on
the actual piers by setting the structures in motion by impact loading, and the frequency content of the
vibrations was determined by waveform analyzers. The results indicated that the piers were structurally
sound, and it was shown that by exciting a structure with an impact force and analyzing the output,
reliable data of overall structural integrity could be obtained. 

7.11 Damping Properties of Concrete

Damping is the property of a material causing free vibrations in a specimen to decrease in amplitude as
a function of time. In concrete  technology it is short-term decay that is of interest rather than long-
term effects. Several investigators, particularly Thomson,5 Obert and Duvall,2 Kesler and Higuchi,18 and

FIGURE 7.10  Dynamic modulus of elasticity for concretes containing river gravel. (Adapted from Reference 39.)



Shrivastava and Sen,30 Swamy and Rigby14 have shown that certain properties of concrete can be related
to its damping ability.

There are several methods of determining the damping characteristics of a material, but two common
methods used for concrete are

1. The determination of logarithmic decrement, , which is the natural logarithm of the ratio of any
two successive amplitudes in the free vibration of the specimen

2. Calculation of the damping constant Q from the resonance curve of the test specimen

7.11.1 Logarithmic Decrement

The logarithmic decrement is the natural logarithm of the ratio between the amplitudes of successive
oscillations in the damped sine wave produced by the decay of free vibrations of a specimen, and it is
given by the following equation:

(7.4)

where
= logarithmic decrement

h1 and h2 = amplitudes of two successive vibrations after the driving force has been removed 
from the specimen

The amplitudes h1 and h2 can be obtained by using an oscilloscope to record the decay of vibrations
at resonance after the driving oscillator is turned off. The image on a cathode-ray oscilloscope can be
photographed, and the amplitudes h1 and h2 can easily be measured off the developed film. If a digital
oscilloscope is used, the amplitudes can be measured directly from the display using the cursor controls.

7.11.2 Damping Constant

The damping constant Q is given by the equation

FIGURE 7.11  A comparison between dynamic elastic modulus vs. compressive strength curves predicted from early
ages, and curing times up to about 28 days. (Adapted from Reference 39.)
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(7.5)

where
Q = damping constant
f0 = resonant frequency of vibrations

f1, f2 = frequencies on either side of resonance at which the amplitude is 0.707 times 
the amplitude at resonance

The values of f1 and f2 can be determined if an output meter is employed for resonance indication.
After locating the fundamental resonance, the oscillator is detuned on each side of the resonance fre-
quency until the output meter reads 0.707 times the reading at resonance. The frequencies at which this
occurs are the frequencies f1 and f2.13 In general, hardened concrete has Q values between 50 and 200;
the higher the value of Q the smaller the decrease in successive amplitudes of vibration.

Figure 7.12 is a resonance curve to illustrate how the damping constant is determined. In this case the
value of f0 is 1990 Hz and the values of f2 and f1, at which the amplitude was 0.707 times the amplitude
at resonance are 1996 and 1984 Hz, respectively. This gives a Q value of 1990/12 = 166. 

The relationship between the damping constant and the logarithmic decrement is as follows:

(7.6)

Substituting the value of from Equation 7.4:

(7.7)

Table 7.4 gives values of the damping constant for rock specimens obtained using the resonance curve
method and the decay procedure. According to Obert and Duvall,2 of the above two methods, the
resonance curve approach is the more accurate and the less difficult to measure.

The damping in concrete is a complex phenomenon. According to Swamy and Rigby,14 most of the
damping in concrete occurs in the matrix, with some in the interfacial boundaries, and less in the
aggregate. The presence of air voids in dry specimens contributes little to the damping, whereas moisture
in the matrix is a major contributor to the damping ability of concrete.

In measuring the parameters associated with the damping properties of concrete, considerable care
should be taken to use supports that exert low restraint on the concrete specimens. Otherwise, substantial
energy losses would be introduced, resulting in erroneous test data.

The study of the vibrational characteristics of structures, such as frequency, damping, and mode shape
is called modal analysis.17 The relationship between the modal properties and the factors influencing
them is complex. Generally factors such as geometry, elastic modulus, and boundary conditions signif-
icantly affect the modal properties.

Thornton and Alexander43 observed that the resonant frequencies and the damping functions can be
calculated by the input of parameters of geometry, restraint, and dynamic elastic modulus of the total
structure into a finite element program, calibrated from measurements made at the completion of
construction, when the structure is known to be sound. These values then can be compared with actual
data measured from the structure at a later time to detect any anomalies.

In one field investigation, impact-resonance measurements were made on the walls of both the
prototype and the model of a concrete building.43 Measurements of mode shapes, resonant frequencies,
and damping factors were made on the prototype before soil was moved against the outside walls and
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afterward. When the wall was covered by soil, the resonant frequency of the fundamental mode was
found to increase by 30% together with an increase in damping. Later, the prototype wall was subjected
to blast loading and sustained minor structural damage. Again, the impact-resonance measurements were
repeated after removing the soil away from the wall. Compared with the initial measurements (without
soil), the resonant frequency was found to be decreased slightly, and the damping was found to be
decreased significantly.

Thornton and Alexander43 have reported another investigation in which tests made on a dam showed
that the damping was about 3 or 4% of critical damping. When damping is less than critical, the motion
is oscillatory, and it is non-oscillatory otherwise. When cylinders made from the dam concrete were
tested, supported at the nodes with narrow supports, the damping of the specimens was found to be
only 0.37% of critical damping. Although size may have been a factor, the boundary conditions were
considered more critical in influencing the damping. The damping was found to be (1) 0.55%, (2) 0.86%,
and (3) 1.5% of critical damping, when the cylinders were tested (1) lying on the soil, (2) embedded 50

FIGURE 7.12  Representative resonance curve. (Adapted from Reference 2.)

TABLE 7.4 Damping Constant as Determined from the Width of Resonance 
Cure and from the Logarithmic Decay of Free Vibration

Damping Constant Q

Material Resonance Decay

Granite No. 50 456 444
Granite No. 51 435 417
Granite No. 47 297 286
Granite No. 48 280 256
Granite No. 49 250 270
Sandstone No. 39 83 86
Sandstone No. 41 59 54
Sandstone No. 42 61 61

From Obert, L. and Duvall, W.I., in Proc. ASTM, 41, 1053, 1941. With permission.
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mm deep in the soil, and (3) embedded 75 mm deep in the soil, respectively. In all the above, damping
was determined from measurements of the fundamental resonant frequency of the flexural mode, and
the frequency was not found to change significantly. The above indicates the ability of the boundary
conditions to influence damping.

7.12 Standardization of Resonant Frequency Methods

The ASTM Test Method C 215 “Standard Test Method for Fundamental Transverse, Longitudinal, and
Torsional Frequencies of Concrete Specimens” was published first in 1947 and since then has been revised
periodically.7 The last revision to this Standard was in 2002. In 1991, the impact-resonance procedure
was added as an alternative to the forced resonance procedure.

The significance and use statement of the test method as given in ASTM C 215-02 is as follows:7

5.1 This test method is intended primarily for detecting significant changes in the dynamic modulus
of elasticity of laboratory or field test specimens that are undergoing exposure to weathering
or other types of potentially deteriorating influences.

5.2 The value of the dynamic modulus of elasticity obtained by this test method will, in general,
be greater than the static modulus of elasticity obtained by using Test Method C 469. The
difference depends, in part, on the strength level of the concrete.

5.3 The conditions of manufacture, the moisture content, and other characteristics of the test
specimens (see section on Test Specimens) materially influence the results obtained.

5.4 Different computed values for the dynamic modulus of elasticity may result from widely
different resonant frequencies of specimens of different sizes and shapes of the same concrete.
Therefore, it is not advisable to compare results from specimens of different sizes or shapes.

7.13 Limitations and Usefulness of Resonant Frequency Methods

Although the basic equipment and testing procedures associated with the resonant frequency techniques
have been standardized in various countries, and commercial testing equipment is easily available, the
usefulness of the tests is seriously limited for the following reasons:

1. Generally, these tests are carried out on small-sized specimens in a laboratory rather than on
structural members in the field because resonant frequencing is affected considerably by boundary
conditions and the properties of concrete. The size of specimens in these tests is usually 152 
305-mm cylinders or 76 76 305-mm prisms.

2. The equations for the calculation of dynamic elastic modulus involve “shape factor” corrections.
This necessarily limits the shape of the specimens to cylinders or prisms. Any deviation from the
standard shapes can render the application of shape factor corrections rather complex.

Notwithstanding the above limitations, the resonance tests provide an excellent means for studying
the deterioration of concrete specimens subjected to repeated cycles of freezing and thawing and to
deterioration due to aggressive media. The use of resonance tests in the determination of damage by fire
and the deterioration due to alkali-aggregate reaction have also been reported by Chefdeville26 and Swamy
and Al-Asali.44

The resonant frequency test results are often used to calculate the dynamic modulus of elasticity of
concrete but the values obtained are somewhat higher than those obtained with standard static tests
carried out at lower rates of loading. The use of dynamic modulus of elasticity in design calculations is
not recommended.

Various investigators have published correlations between the strength of concrete and its dynamic
modulus of elasticity. The indiscriminate use of such correlations to predict compressive and/or flexural
strength of concrete is discouraged unless similar relationships have been established in the laboratory
for the particular concrete under investigation.
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8.8 Advantages and Limitations
Appendix 8.1

The ultrasonic pulse velocity method has been used successfully to evaluate the quality of concrete for
more than 60 years. This method can be used for detecting internal cracking and other defects as well
as changes in concrete such as deterioration due to aggressive chemical environment and freezing and
thawing. By using the pulse velocity method it is also possible to estimate the strength of concrete test
specimens and in-place concrete.

The pulse velocity method is a truly nondestructive method, as the technique uses mechanical waves
resulting in no damage to the concrete element being tested. A test specimen can be tested again and
again at the same location, which is useful for monitoring concrete undergoing internal structural changes
over a long period of time.

8.1 Historical Background

Concrete technologists have been interested in determining the properties of concrete by nondestructive
tests for decades. Many test methods have been proposed for laboratory test specimens using vibrational
methods beginning in the 1930s. Powers,1 Obert,2 Hornibrook,3 and Thomson4 were the first to conduct
extensive research using vibrational techniques such as the resonant frequency method (see Chapter 7).

World War II accelerated research regarding nondestructive testing using stress wave propagation
methods (see also Chapter 14 by Carino on stress wave propagation methods). The development of the
pulse velocity method began in Canada and England at about the same time. In Canada, Leslie and
Cheesman5 developed an instrument called the soniscope. While in England, Jones6 developed an

Tarun R. Naik
University of Wisconsin–Milwaukee

V. Mohan Malhotra
Department of Natural Resources 
Canada, Ottawa

John S. Popovics
University of Illinois at 
Urbana–Champaign



instrument called the ultrasonic tester. In principle, both the soniscope and the ultrasonic tester were
quite similar, with only minor differences in detail. Since the 1960s, pulse velocity methods have moved
out of laboratories and to construction sites.7 Malhotra8 has compiled an extensive list of papers published
on this subject. Many nations have adopted standardized procedures to measure pulse velocity in concrete.

8.2 Theory of Wave Propagation

Three types of propagating mechanical waves (also called stress waves) are created when the surface of
a large solid elastic medium is disturbed by a dynamic or vibratory load: (1) compressional waves (also
called longitudinal or P-waves), (2) shear waves (also called transverse or S-waves), (3) and surface waves
(also called Rayleigh waves). The compressional waves propagate through the solid medium in a fashion
analogous to sound waves propagating through air. Each wave type propagates with its characteristic
velocity. For a given solid, compressional waves have the highest velocity and surface waves the lowest.
In concrete, the velocities of the shear and surface waves are typically 60 and 55%, respectively, of the
compressional wave velocity.9 The particular velocity of a wave depends on the elastic properties and
density of the medium. For elastic, homogeneous solid media the compressional wave velocity is given
by the following:9

 (8.1)

where
V = compressional wave velocity,
K = (1 – m)/((1 + m)(1 – 2m))
E = dynamic modulus of elasticity
r = density
m = dynamic Poisson’s ratio

The value of K varies within a fairly narrow range. For example, as m increases from 0.15 to 0.25 (67%
increase), the associated K value increases from 1.06 to 1.20 (12% increase). Thus, variations in E and r
have a more significant effect on V than variations in m. For concrete, V typically ranges from 3000 to
5000 m/s.

The frequency f and wavelength l of propagating wave motion are related by the velocity of propa-
gation: V = f l. The frequency is reported in units of hertz (or cycles per second) and the wavelength in
units of distance (e.g., mm). In a given medium, an increase in wave frequency therefore dictates a
decrease in the wavelength, and vice versa. When a propagating wave pulse impinges on an interface with
a medium having distinct material properties, a portion of the wave energy is scattered away from the
original wave path (see also Chapter 14). For example, voids, cracks, and aggregate particles in concrete
act to scatter some of the initial energy of the compressional wave pulse away from the original wave
path. The magnitude of the scattering is especially intense if the wavelength of the propagating wave is
the same size or smaller than the size of the scatterer, resulting in rapid wave attenuation.10 For concrete,
the upper limit of usable frequency is about 500 kHz as the associated wavelength is approximately 10
mm, which is in the size range of the coarse aggregate particles. As a result, the path length that can be
effectively traversed at this upper limit of frequency before the wave pulse becomes completely scattered
is only several centimeters. Greater path lengths can be traversed using lower frequencies (thus larger
wavelengths): a frequency of 20 kHz can usually traverse up to 10 m of concrete.10

In the ultrasonic pulse velocity test method, an ultrasonic wave pulse through concrete is created at
a point on the surface of the test object, and the time of its travel from that point to another is measured.
Knowing the distance between the two points, the velocity of the wave pulse can be determined. Portable
pulse velocity equipment is available today for concrete testing to determine the arrival time of the first
wavefront. For most test configurations, this is the direct compressional wave, as it is the fastest wave.
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8.3 Pulse Velocity Test Instrument

The test instrument consists of a means of producing and introducing a wave pulse into the concrete
(pulse generator and transmitter) and a means of sensing the arrival of the pulse (receiver) and accurately
measuring the time taken by the pulse to travel through the concrete. The equipment may also be
connected to an oscilloscope, or other display device, to observe the nature of the received pulse. A
schematic diagram is shown in Figure 8.1. A complete description is provided in ASTM Test Method
C 597.11

Portable ultrasonic testing units are available worldwide. The equipment is portable, simple to operate,
and may include a rechargeable battery and charging unit. Typically, pulse times of up to 6500  ms can
be measured with 0.1- ms resolution. The measured travel time is prominently displayed. The instrument
comes with a set of two transducers, one each for transmitting and receiving the ultrasonic pulse.
Transducers with frequencies of 25 to 100 kHz are usually used for testing concrete. Transducer sets
having different resonant frequencies are available for special applications: high-frequency transducers
(above 100 kHz) are used for small-size specimens, relatively short path lengths, or high-strength concrete,
whereas low-frequency transducers (below 25 kHz) are used for larger specimens and relatively longer
path lengths, or concrete with larger size aggregates. These transducers primarily generate compressional
waves at predominantly one frequency, with most of the wave energy directed along the axis normal to
the transducer face. A commonly used instrument is shown in Figure 8.2. 

8.4 The Pulse Velocity Method

The basic idea on which the pulse velocity method is established is that the velocity of a pulse of
compressional waves through a medium depends on the elastic properties and density of the medium,
as shown in Equation 8.1. 

FIGURE 8.1  Schematic diagram of pulse velocity test circuit. (Adapted from Reference 11.)
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The transmitting transducer of the pulse velocity instrument transmits a wave into the concrete and
the receiving transducer, at a distance L, receives the pulse through the concrete at another point. The
pulse velocity instrument display indicates the transit time, Dt, it takes for the compressional wave pulse
to travel through the concrete. The compressional wave pulse velocity V, therefore, is

  (8.2)

The compressional pulse transmitted through the concrete undergoes scattering at various aggre-
gate–mortar boundaries. By the time the pulse reaches the receiving transducer it becomes transformed
into a complex waveform, which contains multiply reflected compressional waves and shear waves. Of
course, compression waves traveling the fastest arrive first at the receiver.

To transmit or receive the pulse, the transducers must be in full contact with the test object; otherwise
an air pocket between the test object and transducer may introduce an error in the indicated transit time.
This error is introduced because only a negligible amount of wave energy can be transmitted through
air. Many couplants available in the market can be used to eliminate air pockets and to assure good
contact; petroleum jelly has proved to be one of the superior couplants. Other couplants are grease, liquid
soap, and kaolin-glycerol paste. The couplant layer should be as thin as possible. While applying constant
pressure on the transducers, repeated readings at a particular location should be taken until a minimum
value of transit time is obtained. If the concrete surface is very rough, thick grease should be used as a
couplant. In some cases, the rough surface may have to be ground smooth, or a smooth surface may
have to be established with the use of plaster of Paris or suitable quick-setting cement paste or quick-
setting epoxy mortar. The leveling paste should be allowed to set before proceeding with the pulse velocity
test. An exponential receiver probe with a tip diameter of only 6 mm may also be used to receive the
pulse in very rough surfaces, e.g., locations where the surface mortar is scaled off due to fire or weathering
action. It must be emphasized, however, that this probe is good only for receiving the signal. A smooth
surface is still required for the transmitting transducer.

The pulse velocity for ordinary concrete is typically 3700 to 4200 m/s. Therefore, for a 300-mm path
length, the travel time is approximately 70 to 85  ms. It is obvious that the instrument must be very
accurate to measure such a short transit time. The path length should also be carefully measured. Because
the pulse velocity method is a wave propagation technique, any sources creating even the slightest wave
motion in the element under test (e.g., jackhammers) should be eliminated during the time of the test.
Many other factors also affect the pulse velocity. They are discussed in detail in the next section.

There are three possible configurations in which the transducers may be arranged, as shown in Figure
8.3A to C. These are (1) direct transmission; (2) semidirect transmission; and (3) indirect or surface
transmission. The direct transmission method, Figure 8.3A, is the most desirable and the most satisfactory

FIGURE 8.2  Pulse velocity instrument. (Courtesy of James Instruments, Inc.)
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arrangement because maximum energy of the pulse is transmitted and received with this arrangement. The
semidirect transmission method, Figure 8.3B, can also be used quite satisfactorily. However, care should be
exercised that the transducers are not too far apart; otherwise the transmitted pulse might attenuate and a
pulse signal might not be detected. This method is useful in avoiding concentrations of reinforcements.
The indirect or surface transmission method, Figure 8.3C, is least satisfactory because the amplitude of the
received signal is significantly lower than that received by the direct transmission method. This method is
also more prone to errors and a special procedure may be necessary for determining the pulse velocity.12

First, the location of the transmitting transducer is fixed and the receiver location is changed in fixed
increments along a line, and a series of transit time readings are taken. The direct distance between the two
transducers is plotted on the X-axis and the corresponding pulse transit time is plotted on the Y-axis (Figure
8.4). The inverse of the slope of this plot is the pulse velocity along the line.

When this surface method is used, the pulse propagates in the concrete layer near the surface. The
near-surface concrete is sometimes of a composition slightly different from the concrete in the lower
layer. For example, the concrete near the surface of a slab has higher amounts of fine materials than
the concrete in the lower portion of the slab. Thus, velocities measured by the surface transmission
method are typically lower than those measured with direct transmission. This behavior, however, can
be turned into a means to detect and estimate the thickness of a layer of different quality material. A
layer of lower quality concrete may occur due to improper construction practices (e.g., poor vibration
and finishing, poor curing, cold joints due to delay, incorrect placement), damage due to weathering
action (e.g., freezing and thawing, sulfate attack, and corrosion of reinforcement and other embedded
items), and damage by fire. The layer thickness can be estimated by using the surface transmission
procedure. When the two transducers are closer together, the fastest travel path is through the upper
layer of concrete, and as the transducers are moved further apart, the fastest travel path is the combined
path through both layers. The pulse velocity through the upper layer (V1) and the lower layer (V2)
will be indicated on the plot by the different slopes of the two straight lines fitted to the data (Figure
8.4). The distance X in Figure 8.4 at which the change in these slopes occurs is measured and the
thickness of the upper layer, t, is estimated from the following equation:9

FIGURE 8.3  Pulse velocity measurement configurations. (A) Direct method. (B) Semidirect method. (C) Indirect
surface method.
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  (8.3)

This method is only suitable when the upper layer (the poor-quality layer) is distinct, is of reasonably
uniform thickness, and V2 > V1. Benedetti proposed a more realistic model for the interpretation of
surface velocity measurements, which assumes a linear distribution of elastic modulus within a fire-
damaged layer.13

8.5 Factors Affecting Pulse Velocity

Although it is relatively easy to conduct a pulse velocity test, it is important that the test be conducted
such that the pulse velocity readings are reproducible and that they are affected only by the properties
of the concrete under test rather than by other factors. The factors affecting the pulse velocity can be
divided into two categories: (1) factors resulting directly from concrete properties; and (2) other factors.
These influencing factors are discussed below. 

8.5.1 Effects of Concrete Properties

8.5.1.1 Aggregate Size, Grading, Type, and Content

Many investigators have found that the pulse velocity is affected significantly by the type and amount of
aggregate.14–19 In general, the pulse velocity of cement paste is lower than that of aggregate. Jones18

reported that for the same concrete mixture and at the same compressive strength level, concrete with
rounded gravel had the lowest pulse velocity, crushed limestone resulted in the highest pulse velocity,
and crushed granite gave a velocity that was between these two. On the other hand, type of aggregate
had no significant effect on the relationship between the pulse velocity and the modulus of rupture.
Additional test results by Jones,10 Bullock and Whitehurst,14 and Kaplan20 indicate that at the same strength
level the concrete having the higher aggregate content gave a higher pulse velocity. The effects of varying

FIGURE 8.4  Use of surface method to determine depth of deterioration, t.
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the proportion of coarse aggregate in a concrete mixture on the pulse velocity vs. compressive strength
relationship are shown in Figure 8.5.10 The figure shows that for a given value of pulse velocity, the higher
the aggregate–cement ratio, the lower the compressive strength.

8.5.1.2 Cement Type

Jones18 reported that the type of cement did not have a significant effect on the pulse velocity. The rate
of hydration, however, is different for different cements and it will influence the pulse velocity. As the
degree of hydration increases, the modulus of elasticity will increase and the pulse velocity will also
increase. The use of rapid-hardening cements results in higher strength for a given pulse velocity level.21

8.5.1.3 Water–Cement Ratio

Kaplan20 studied the effect of water -cement (w/c) ratio on the pulse velocity. He has shown that as the
w/c increases, the compressive and flexural strengths and the corresponding pulse velocity decrease
assuming no other changes in the composition of the concrete.

8.5.1.4 Admixtures

Air entrainment does not appear to influence the relationship between the pulse velocity and the com-
pressive strength of concrete.18 Other admixtures will influence the pulse velocity in approximately the
same manner as they would influence the rate of hydration. For example, the addition of calcium chloride
will reduce the setting time of concrete and will increase the rate by which the pulse velocity increases.

8.5.1.5 Age of Concrete

The effect of age of concrete on the pulse velocity is similar to the effect on the strength development of
concrete. Jones18 reported the relationship between the pulse velocity and age. He showed that velocity
increases very rapidly initially but soon flattens. This trend is similar to the strength vs. age curve for a
particular type of concrete, but pulse velocity reaches a limiting value sooner than strength. He further
concluded that once the pulse velocity curve flattens, experimental errors make it impossible to estimate
the strength with accuracy.10

8.5.2 Other Effects

8.5.2.1 Transducer Contact

The influence of improper transducer contact was discussed in Section 8.4. If sufficient care is not
exercised in obtaining a good contact (e.g., inconsistent pressure applied to transducers), an incorrect
pulse velocity reading may result.

FIGURE 8.5  Effect of cement:fine aggregate:coarse aggregate proportions on the relationship between pulse velocity
and compressive strength. (Adapted from Reference 10.)
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8.5.2.2 Temperature of Concrete

Temperature variations between 5 and 30°C have been found to have an insignificant effect on the pulse
velocity.21 For temperatures beyond this range, the corrections in Table 8.1 are recommended.22

8.5.2.3 Moisture and Curing Condition of Concrete

The pulse velocity for saturated concrete is higher than for air-dry concrete. Moisture generally has less
influence on the velocity in high-strength concrete than on low-strength concretebecause of the difference
in the porosity.21 A 4 to 5% increase in pulse velocity can be expected when dry concrete with high w/c
ratio is saturated.10 Kaplan23 found that the pulse velocity for laboratory-cured specimens were higher
than for site-cured specimens. He also found that pulse velocity in columns cast from the same concrete
were lower than in the site-cured and laboratory-cured specimens.

8.5.2.4 Path Length

Theoretically the path length traveled by the wave and the frequency of the wave (which is the same as
the frequency of the transducer) should not affect the propagation time; therefore, they should not affect
the pulse velocity. However, in practice, smaller path lengths tend to give more variable and slightly
higher pulse velocity because of the inhomogeneous nature of concrete.10 RILEM24 has recommended
the following minimum path lengths:

1. 100 mm for concrete having maximum aggregate size of 30 mm
2. 150 mm for concrete having maximum aggregate size of 45 mm

8.5.2.5 Size and Shape of a Specimen

In most cases, the pulse velocity is not dependent on the size and the shape of a specimen. However,
Equation 8.1 is valid only for a medium having an infinite extent. This requirement is easily satisfied for
a finite-dimension test specimen by requiring that the smallest lateral dimension of the specimen be
greater than the wavelength of the pulse. For concrete having a pulse velocity of about 3700 m/s and for
a transducer frequency of 54 kHz, the wavelength is about 68 mm. Therefore, a specimen made from
this concrete, when tested with a transducer having a frequency of 54 kHz, should have a minimum
lateral dimension of 70 mm. If the least lateral dimension of this specimen is less than 70 mm, then
Equation 8.1 may not be an accurate relationship, especially for longer path lengths. For such situations,
it would be advisable to use a higher-frequency transducer, thus reducing the wavelength and the
corresponding least lateral dimension requirement. The maximum size aggregate should also be smaller
than the wavelength; otherwise, the wave energy will attenuate to the point that no clear signal may be
detected at the receiving transducer. RILEM24 recommendations for least lateral dimension and corre-
sponding maximum size aggregate are given in Table 8.2. 

8.5.2.6 Level of Stress

Pulse velocity is generally not affected by the level of stress in the element under test. However, when
the concrete is subjected to a very high level of static or repeated stress, say, 65% of the ultimate
strength or greater, microcracks develop within the concrete, which will reduce the pulse velocity
considerably.25,26

TABLE 8.1 Corrections for Pulse Velocity Due to Temperature Changes

Correction (%)

Concrete Temperature (°°°°C) Air-Dried Concrete Water-Saturated Concrete

60
40
20
0
Under –4

+5
+2

0
–0.5
–1.5

+4
+1.7

0
–1
–7.5

Source: From BS 1881 Part 203, 1986. 



8.5.2.7 Presence of Reinforcing Steel

One of the most significant factors that influences the pulse velocity of concrete is the presence of steel
reinforcement. The pulse velocity in steel is 1.4 to 1.7 times the pulse velocity in plain concrete. Therefore,
pulse velocity readings in the vicinity of reinforcing steel are usually higher than that in plain concrete.
Whenever possible, test readings should be taken such that the reinforcement is avoided in the wave path.
If reinforcements cross the wave path, correction factors should be used. The correction factors that are
used are those recommended by RILEM23 and British Standards.22 Appendix 8.1 provides specific infor-
mation about the correction factors. Chung27,28 has demonstrated the importance of including bar
diameters as a basic parameter in the correction factors. However, the RILEM recommendations involve
only two basic parameters: the pulse velocity in the surrounding concrete and the path lengths within
the steel and concrete. Bungey29 also provides correction factors that include bar diameters. It should be
emphasized, however, that in heavily reinforced sections it might not be possible to obtain accurate
measurements of the concrete pulse velocity.

8.6 Standardization of the Pulse Velocity Method

Many nations have developed standardized procedures to measure pulse velocity. Several standards are
compared by Komlos et al.30 In the United States, ASTM Committee C09 initiated the development of
a standard for pulse velocity in the late 1960s. A tentative standard was issued in 1968. A standard test
method was issued in 1971 and no significant changes have been made in the standard since then.11 The
Significance and Use statement of the test method, as given in the ASTM C 597-02, is as follows:11

The pulse velocity, V, of longitudinal stress waves in a concrete mass is related to its elastic properties
and density according to the following relationship (see also Equation 8.1):

    (8.4)

where

E = dynamic modulus of elasticity
m = dynamic Poisson’s ratio
r = density

This test method is applicable to assess the uniformity and relative quality of concrete, to indicate the
presence of voids and cracks, and to evaluate the effectiveness of crack repairs. It is also applicable to
indicate changes in the properties of concrete, and in the survey of structures, to estimate the severity
of deterioration or cracking.* When used to monitor changes in condition over time, test locations
are to be marked on the structure to ensure that tests are repeated at the same positions.

TABLE 8.2 Frequency of Transducer vs. Least Lateral Dimension

Minimum Frequency 
of Transducer (kHz)

Smallest Lateral Dimension 
(or Max. Size Aggregate) (mm)

Range of Path 
Length (mm)

60
40
20

70
150
300

100–700
200–1500
>1500

Source: From RILEM Recommendation NDT1, Paris, Dec. 1972. 

*Naik, T.R. Evaluation of an 80-Year-Old Concrete Dam, paper presented at the ACI meeting in Seattle, WA,
October 1987 (available from the UWM Center for By-Products Utilization, University of Wisconsin–Milwaukee).
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The degree of saturation of the concrete affects the pulse velocity, and this factor must be considered
when evaluating test results. In addition, the pulse velocity in saturated concrete is less sensitive to
changes in its relative quality.

NOTE 1 — The pulse velocity of saturated concrete may be up to 5% higher than in dry concrete.

The pulse velocity is independent of the dimensions of the test object provided reflected waves from
boundaries do not complicate the determination of the arrival time of the directly transmitted pulse.
The least dimension of the test object must exceed the wavelength of the ultrasonic vibrations.

[NOTE 2 is omitted because it is not relevant to the significance and use of the pulse velocity method.]

The accuracy of the measurement depends upon the ability of the operator to determine precisely the
distance between the transducers and of the equipment to measure precisely the pulse transit time.
The received signal strength and measured transit time are affected by the coupling of the transducers
to the concrete surfaces. Sufficient coupling agent and pressure must be applied to the transducers to
ensure stable transit times. The strength of the received signal is also affected by the travel path length
and by the presence and degree of cracking or deterioration in the concrete tested.

NOTE 3 — Proper coupling can be verified by viewing the shape and magnitude of the received
waveform. The waveform should have a decaying sinusoidal shape. The shape can be viewed by means
of outputs to an oscilloscope or digitized display inherent in the device.

The results obtained by the use of this test method are not to be considered as a means of measuring
strength nor as an adequate test for establishing compliance of the modulus of elasticity of field concrete
with that assumed in the design. The longitudinal resonance method in Test Method C 215 is recom-
mended for determining the dynamic modulus of elasticity of test specimens obtained from field
concrete because Poisson’s ratio does not have to be known.

NOTE 4 — When circumstances permit, a velocity-strength (or velocity-modulus) relationship may
be established by the determination of pulse velocity and compressive strength (or modulus of elas-
ticity) on a number of samples of a concrete. This relationship may serve as a basis for the estimation
of strength (or modulus of elasticity) by further pulse-velocity tests on that concrete. Refer to ACI
228.1R for guidance on the procedures for developing and using such a relationship.

The procedure is applicable in both field and laboratory testing regardless of size or shape of the
specimen within the limitations of available pulse-generating sources.

Since the pulse velocity in steel could be up to double that in concrete, the pulse velocity measured
in the vicinity of the reinforcing steel will be higher than in plain concrete of the same composition.
Where possible, avoid measurements close to steel parallel to the direction of pulse propagation.

8.7 Applications

The pulse velocity method has been applied successfully in the laboratory as well as in the field.31–48

Furthermore, it can be used for quality control, as well as for the analysis of deterioration. Figure 8.6
illustrates the application of the pulse velocity method on a concrete structure. 

8.7.1 Estimation of Strength of Concrete

The pulse velocity method may provide a means of estimating the strength of both in situ and precast
concrete although there is no physical relation between the strength and velocity. The strength can be
estimated from the pulse velocity by a pre-established graphical correlation between the two parameters,
an example of which is shown in Figure 8.7. The relationship between strength and pulse velocity is not
unique, and is affected by many factors, e.g., aggregate size, type, and content; cement type and content;



water–cement ratio; and moisture content. The effect of such factors has been studied by many research-
ers.15,17,20,23 They have clearly pointed out that no attempts should be made to estimate compressive
strength of concrete from pulse velocity values unless similar correlations have been previously established
for the type of concrete under investigation. RILEM,24 the British Standard,22 and American Concrete
Institute (ACI)49 provide recommended practices to develop the relationship between pulse velocity and
compressive strength, which can be later used for estimating the in situ strength based on the pulse
velocity. Phoon et al.50 recently proposed a probabilistic model to predict compressive strength from
ultrasonic pulse velocity. By using the model together with field data, a consistent statistical quality
assurance criterion may be established.

8.7.2 Establishing Homogeneity of Concrete

The pulse velocity method is suitable for the study of homogeneity of concrete, and, therefore, for relative
assessment of quality of concrete. Heterogeneity is defined as interior cracking, deterioration, honeycombing,
and variations in mixture proportions. Heterogeneities in a concrete member will cause variations in the
pulse velocity. For example, the diffraction of a wave pulse around an internal air void will cause an increase
in the time of propagation for an assumed path through the void center. Thus, the apparent velocity will
decrease. However, only large voids, generally larger than the transducer contact face, will cause measurable
reduction in velocity.10 Also, in situ concrete strength varies in a structure because of the variations in source
and proportions of materials, uniformity of mixing, and due to inadequate or variable consolidation. The

FIGURE 8.6  Application of pulse velocity technique on a concrete structure. (Courtesy of James Instruments, Inc.)

FIGURE 8.7  Example strength vs. velocity relationship for estimation of strength of concrete.
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pulse velocity method is highly effective in establishing comparative data and for qualitative evaluation of
concrete. For obtaining these qualitative data, a system of measuring points, i.e., a grid pattern, may be
established. Depending on the quantity of the concrete to be evaluated, the size of the structure, the variability
expected, and the accuracy required, a grid of 300 mm spacing, or greater, should be established. Generally
about 1 m spacing may be adequate depending on the thickness of the element being tested. Other applications
of this qualitative comparison of in situ or test specimen concrete are (1) to check the variation of density of
concrete to evaluate the effectiveness of consolidation; (2) for locating areas of honeycombed concrete; and
(3) localizing internal cracks and voids.

Researchers18,34–37,51,52 have reported results of carefully conducted surveys for determining the homo-
geneity of concrete in various types of structures. Of many such surveys carried out on existing structures,
one that deserves mention is that reported in 1953 by Parker34 of the Hydro-Electric Power Commission
of Ontario, Canada. The survey was made on a dam built in 1914. A total of 50,000 readings were taken,
most of them with 300-mm spacings. The pulse velocities measured on the structure ranged from below
1525 to over 5185 m/s, and these values were used, with success, to determine areas of advanced
deterioration. Rhazi et al.51 report the use of multiple velocity data to map subsurface anomalies within
a concrete gravity retaining wall built in the 1940s. Olson and Sack52 report the use of multiple velocity
data to successfully assess the condition of larger concrete structures. Some thousands of pulse velocity
measurements have been made on 29 concrete dams during the period of 1948 to 1965. McHenry and
Oleson37 cite ten of these case histories in which velocity measurements have been a valuable supplement
to other observations for settling questions regarding repair or maintenance of dams.

8.7.3 Studies on the Hydration of Cement

The pulse velocity method has the advantage that it is truly nondestructive. Therefore, changes in the
internal structure of concrete can be monitored on the same test specimen. Many researchers have
published information on successful application of the pulse velocity method for monitoring the setting
and hardening process of cement paste, mortar, and concrete.7,18,38–42,53,54 The method is particularly useful
for detecting changes during the first 36 h after adding water to the concrete mixture. A very significant
practical use of the method is the evaluation of the rate of setting for different types of cements or
admixtures to be used for a given project.

Whitehurst41 reported results of tests on 102  ¥ 102 ¥ 406-mm concrete prisms, using various types of
cement. The concretes used had zero slump and, immediately after casting, the end plates of the forms
were removed. Pulse velocity tests using the soniscope were made periodically, from shortly after the
specimens were cast until 8 h or more had elapsed. Initial velocities of the order of 1220 m/s were
observed, and during the first few hours the velocities increased at a rapid rate. After periods varying
from 41/2 to 81/2 h, the rate of increase suddenly changed and continued at a much slower pace. The
point at which this occurred was taken as the time of setting of concrete. The results of Whitehurst,41

together with those reported by Cheesman,42 are shown in Figure 8.8. 

8.7.4 Studies on Durability of Concrete

Aggressive environments will damage the structure of concrete and decrease the pulse velocity. Deterio-
ration caused by freezing and thawing, sulfate exposure, alkali-silicate reactivity, and corrosion of embed-
ded items can be detected by the pulse velocity method and have been studied by various
investigators.5,18,38,43,55,56 Progressive deterioration of either a test specimen or in situ concrete can be
monitored by conducting repetitive tests on the same concrete element. Deterioration of concrete due
to fire exposure has also been investigated by the pulse velocity method.13,28,44

8.7.5 Measurement of Surface Crack Depth

This aspect of the pulse velocity technique has been studied by various researchers.5,45–48 As indicated
earlier, the ultrasonic pulse transmits a very small amount of energy through air. Therefore, if a pulse



traveling through the concrete comes upon an air-filled crack or a void whose projected area perpendic-
ular to the path length is larger than the area of the transmitting transducer, the pulse will diffract around
the defect. Thus, the pulse travel time will be greater than that through similar concrete without any
defect. The pulse velocity method, therefore, is effective in characterizing surface cracks. It should be
pointed out that the application of this technique in locating flaws has serious limitations. For example,
if cracks and flaws are small or if they are filled with water or other debris thus allowing the wave to
propagate through the flaw, or if the crack tip is not well defined, the pulse velocity will not significantly
decrease, implying that no flaw exists. 

The depth of an air-filled surface crack can be estimated by the pulse velocity method as shown in
Figure 8.9. The depth, h, is given by Equation 8.5:

(8.5)

where
X = distance to the transducer from the crack (note that both transducers must be placed

equidistant from the crack)

FIGURE 8.8  Relationship between pulse velocity and setting of concrete. (Adapted from References 41 and 42.)

FIGURE 8.9  Scheme for measurement of surface crack depth, h.
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T1 = transit time around the crack
T2 = transit time along the surface of the same type of concrete without any crack (note that

the surface path length for T1 and T2 must be equal)

It should be pointed out that for Equation 8.5 to be valid, the crack must be perpendicular to the
concrete surface. A check should be made to determine if the crack is perpendicular to the surface or
not. This can be done as follows.24 Place both transducers equidistant from the crack and obtain the
transit time. Move each transducer, in turn, away from the crack. If the transit time decreases, then the
crack slopes toward the direction in which the transducer was moved.

8.7.6 Determination of Dynamic Modulus of Elasticity

The velocity of a compressional wave traveling through an elastic material is uniquely defined by the
elastic constants and density of the material by wave propagation theory (see Equation 8.1). Therefore,
it is possible to compute the modulus of elasticity of a material if the ultrasonic pulse velocity is measured
where the values of Poisson’s ratio and density are known or assumed. This approach has an advantage
over other standardized techniques, which make use of vibration frequencies, in that the testing is not
restricted to specially shaped laboratory specimens. Several researchers report the estimation of dynamic
(low-strain) modulus of elasticity from pulse velocity measurements in concrete.5,7,31,32 Nevertheless, the
estimation of the dynamic modulus of elasticity in concrete from ultrasonic pulse velocity measurements
is not normally recommended for two reasons: (1) the error resulting from inaccurate estimation of
Poisson’s ratio is not insignificant and (2) Equation 8.1 is appropriate for homogeneous materials only,
leaving the validity for inhomogeneous composite materials, such as concrete, in doubt.31,57 Usually, the
dynamic modulus of elasticity estimated from pulse velocity measurements is higher than that obtained
from vibration measurements, even when the value of Poisson’s ratio is known.31

8.8 Advantages and Limitations

The pulse velocity method is an excellent means for investigating the uniformity of concrete. The test
procedure is simple and the available equipment in the market is easy to use in the laboratory as well as
in the field.

The testing procedures have been standardized by ASTM and other organizations, and test equipment
is available from several commercial sources. With the availability of small portable digital instruments,
which are relatively inexpensive and easy to operate, ultrasonic testing adds a new dimension to quality
control of concrete in the field.

Ultrasonic pulse velocity tests can be carried out on both laboratory-sized test specimens and concrete
structures. This fact, combined with the knowledge that ultrasonic techniques provide an effective means
of delineating both surface and internal cracks in concrete structures, enhances the usefulness of these tests.

Inasmuch as a large number of variables affect the relations between the strength parameters of concrete
and its pulse velocity, the use of the latter to estimate the compressive and/or flexural strengths of concrete
is not recommended unless previous correlation testing has been performed.

Appendix 8.1: Effect of Reinforcing Bars

The pulse velocity measured in reinforced concrete in the vicinity of reinforcing bars is often higher than
in plain concrete of the same composition. This is because the compressional pulse velocity in steel is
1.4 to 1.7 times that in plain concrete and, under certain conditions, the first pulse to arrive at the
receiving transducer travels partly in concrete and partly in steel. The apparent increase in pulse velocity
depends on the proximity of the measurements to the reinforcing bar, the dimensions and number of
the reinforcing bars, their orientation with respect to the propagation path, and the pulse velocity in the
surrounding concrete.22,24,29



Axis of Reinforcing Bar Perpendicular to Direction of Propagation

The influence of the presence of the reinforcing bars can be calculated assuming that the pulse traverses
the full diameter of each bar during its path. If there are n different bars of diameter Qi (i = 1 to n)
directly in the path of the pulse, with their axes perpendicular to the path of propagation (see Figure
8.10A), then22

  (8.6)

where
V = the pulse velocity in the reinforced concrete, i.e., the measured pulse velocity
Vc = the pulse velocity in the plain concrete
Vs = the pulse velocity in the steel
L = the total path length

 , the path length through steel

Values of Vc /V are given in Table 8.3 for different amounts of steel in three types of concrete, which
could be rated as very poor, fair, and very good materials, respectively.

In practice Vc /V is likely to be slightly higher than values given in Table 8.3 because of misalignment
of the reinforcing bars and because only a small fraction of the pulse energy will actually traverse the
full diameter of each bar. 

FIGURE 8.10  Measurements on reinforced concrete. (A) Reinforcing bar perpendicular to direction of propagation.
(B) Reinforcing bar parallel to test surface. (C) Reinforcing bar parallel to direction of propagation.
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Axis of Bar Parallel to Direction of Propagation

If the edge of the bar is located at a distance a from the line joining the nearest points of the two
transducers and the path length between transducers is L, then the transit time T in either of the
configurations of Figure 8.10B or C is22

  (8.7)

for

  (8.8a)

There is no influence of the steel when22

  (8.8b)

The difficulty of applying Equations 8.7 and 8.8 lies in deciding on the velocity (Vs) of propagation
of the pulse along the steel bar. Propagation of the pulse is influenced by geometrical dispersion in the
steel bar. The value for Vs is likely to be between about 5900 m/s (i.e., the compressional wave velocity
in steel) and 5200 m/s (i.e., the bar velocity* in steel).

Corrections to the measured pulse velocity in the direction parallel to the reinforcement are given in
Table 8.4. This table also indicates that, for bars that span most of the section, the lateral displacement
of the line of measurement from the axis of the bar will usually be of the order of 0.2 to 0.25 L before
the influence of the steel becomes negligible.

Two-Way Reinforcement

Steel reinforcement in two or more directions complicates the interpretation of pulse velocity mea-
surements. Corrections based on Table 8.3 and Table 8.4 may be calculated for simple well-defined systems
of reinforcement but it may become impossible to make any reliable corrections for more complicated,
heavily reinforced concrete.

TABLE 8.3 Influence of Steel Reinforcement — Line of 
Measurement Perpendicular to Axis of Bar

Ls /L
Very poor quality,

Vc = 3000 m/s
Fair quality,

Vc = 4000 m/s
Very good quality,

Vc = 5000 m/s

1/12 0.96 0.97 0.99
1/8 0.94 0.96 0.98
1/6 0.92 0.94 0.97
1/4 0.88 0.92 0.96
1/3 0.83 0.89 0.94
1/2 0.75 0.83 0.92

*A guided wave is likely to set up and to propagate along the length of a long cylindrical bar. This “bar wave” has
a lower velocity than the compressional wave.
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9.4 Conclusions

This chapter describes the theoretical and empirical based concepts as well as the history of development
of combined nondestructive test methods for hardened concrete.

Of a number of purely nondestructive tests, the rebound (Schmidt) hammer and the ultrasonic pulse
velocity combinations are the most commonly used. In the majority of cases, the need for in situ concrete
strength evaluation arises as a result of suspect quality of concrete. By developing a prior correlation for
a range of concrete grades and types, having only the source of coarse aggregate and a broad age group
in common, it is possible to obtain good indication of the in situ strength of concrete, expressed as the
value of a test result of a standard laboratory compressive specimen.

The quality of concrete, using combined nondestructive methods, is evaluated through the measure-
ments and correlation of the surface hardness, density, elastic constants and the predicted compressive
strength.

Use of combined methods is generally justifiable only if a reliable correlation for a particular type of
concrete is developed prior to the evaluation of the subject quality concrete. The benefit of the small
additional reliability of a combined test vs. a single nondestructive test should be assessed against the
additional time, cost, and complexity of combined techniques.

9.1 Introduction

Although the need for nondestructive in situ testing of concrete has long been realized, it is seldom used
in its own right for quality control and compliance purposes. In fact, the practice is to bring in a
destructive (e.g., cores), a semi-destructive (e.g., pullout or break-off tests), or a nondestructive in situ
test at the postmortem stage, either following noncompliance of a standard specimen test result or on
observing signs of deterioration and distress in a structure.

Occasionally, nondestructive in situ tests are used to evaluate the “quality” of existing structural
members for the purpose of subsequent modifications to that structure. The “quality” of concrete in
practice is still commonly described in terms of its uniaxial compressive strength, evaluated statistically
from the results of standard laboratory specimens, cast, compacted, cured, and tested under strictly
prescribed conditions. There is, of course, a very good reason for maintaining this system. In those
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countries where ready-mixed concrete can be purchased from a premixed concrete manufacturer, this
method remains the only fair and reasonable way of evaluating the potential quality, i.e., strength of
concrete as supplied to a building site.

However, with the present emphasis on the design of reinforced concrete structures according to the
limit state concepts, there seems to be much greater need for better definition of the relationship between
concrete quality and variability in actual structures and in standard, laboratory-cured test specimens of
the same concrete. A combination of these in situ tests, if properly used, can improve some of these
correlations. The extent to which the correlation can be improved should be balanced, however, by the
additional time, cost, and resources required to use combined methods.

9.2 Historical Development

In the preceding chapters several nondestructive and semi-destructive (or partially destructive) test
methods have been described. These methods were developed to evaluate the strength, or strength related
properties of concrete. In order to predict the strength of in situ concrete more accurately, a number of
investigators have tried to apply more than one nondestructive method at the same time.

Some of the pioneering work in this field, carried out in the 1950s and 1960s, was reported by Kesler
and Higuchi,1 Skramtaev and Leshchinsky,2 Wiebenga,3 Facaoaru,4 and McLeod.5 Combined methods,
as used in this chapter, refers to techniques in which one test improves the reliability and precision of
the other in evaluating a property of concrete, e.g., strength or elastic modulus. When an additional test
is used to provide new, but supporting information (e.g., location of reinforcing steel, using a covermeter),
the tests are not considered promising by their investigators.

Dynamic modulus of elasticity and damping constant, as determined from resonance tests by Kesler
and Higuchi,1 were reported to correlate well with the compressive strength of concrete, regardless of its
mix proportions, age, or moisture content. The accuracy of prediction was considered to be within 5%.
Laboratory techniques were used, as the method was unsuitable for in situ measurements.

Wiebenga3 used ultrasonic pulse velocity in place of dynamic modulus of elasticity and the damping
constant as well as pulse attenuation in his laboratory tests. In each case, the use of either damping
constant or pulse attenuation improved the accuracy of the predicted compressive strength. Galan6 also
used the combination of ultrasonic pulse velocity and the damping constant to estimate the in situ
strength of concrete. The damping constant was determined by calibrating experimental curves of an
oscillogram with the corresponding damped reverberated impulses. According to Galan, good correlation
between the strength of concrete and the two acoustic characteristics, i.e., pulse velocity and damping
constant, can be established. The pulse velocity expresses the elastic properties and the damping constant
represents the inelastic behavior of concrete.

In the majority of cases, the differences between the estimated strength values and the values obtained
by destructive testing was of the order of 5%, i.e., similar to the accuracy of the laboratory tests by Kesler
and Higuchi. Most of the recent research work using the above technique has been conducted in the
eastern European countries.

The portable ultrasonic pulse velocity units currently used in Western countries have digital displays
and are not equipped with oscilloscopes. Thus the application of pulse attenuation techniques combined
with the ultrasonic pulse velocity would require additional equipment. It would also require highly skilled
technical personnel, which can render this test method cost ineffective.

By far, the most popular combination, however, is the method based on the measurement of ultrasonic
pulse velocity in conjunction with hardness measurements. This was confirmed by a number of surveys,
such as Jones and Facaoaru7 and Malhotra and Carette.8 Historically, most of the credit for the develop-
ment of this combined method should be attributed to Skramtaev and Leshchinsky,2 Wiebenga,3

MacLeod5 and particularly to Facaoaru,4,7,9 and for the promotion and popularization of the method to
Malhotra.8,10–12 Several isolated reports on the use of other types of combinations were published from
time to time. For example, MacDonald and Ramakrishman13 considered pulse velocity and maturity, and
Parsons and Naik14 used the pullout test and maturity. However, the only recorded practical application



at present seems to be the combination of ultrasonic pulse velocity and hardness measurements, and all
other combinations, however theoretically promising, should thus be considered only as research and
development.

9.3 Combined Ultrasonic Pulse Velocity and Hardness 
Measurement Techniques

9.3.1 Theoretical Considerations

Fundamental aspects of the hardness methods are given in Chapter 1 and those of ultrasonic pulse velocity
in Chapter 5. However, a brief summary is given to highlight the major aspects of these tests.

Hardness scales are arbitrarily defined measures of the resistance of a material to indentation under
static or dynamic load or resistance to scratch, abrasion, wear, cutting or drilling. Concrete test hammers
evaluate surface hardness as a function of resiliency, i.e., the ability of a hammer to rebound or spring
back. One of the original papers on the subject was published by Schmidt.15 ASTM Method C 805
describes the test method for determining the rebound number of hardened concrete, and methods of
hammer use and calibration are also given in the B.S. 1881:Part 202.

The propagation of a longitudinal or compressional disturbance and also a transverse or shear distur-
bance in a semi-infinite solid was explained by Poisson in 1828. Chree16 and Lord Rayleigh17 subsequently
showed that by transmitting ultrasonic waves through blocks of different materials it was possible to
measure the values of the elastic constants for these solids. The method was particularly useful for a
material such as glass, for which the behavior under static loading causes considerable difficulty of
interpretation.

The interpretation of the pulse velocity measurements in concrete is complicated by the heterogeneous
and to some degree anisotropic nature of this material. The wave velocity is not determined directly, but
is calculated from the time taken by a pulse to travel a measured distance. A piezoelectric transducer
emitting vibrations at its fundamental frequency is placed in contact with the concrete surface so that
the vibrations travel through the concrete and are received by another transducer, which is in contact
with the opposite face of the test object.

In theory, a for a semi-infinite elastic solid there is a unique relationship between the longitudinal
wave velocity and the density, modulus of elasticity, and Poisson’s ratio. The ultrasonic pulses produce
relatively low stresses and strains and the behavior of concrete subjected to this test method can be
considered elastic for all practical considerations (see Figure 9.1). Thus at least some of the theoretical
correlations should retain a degree of validity in practical applications. 

ASTM Method C 597 and B.S. 1881:Part 203 describe the standard test methods for determination of
pulse velocity through concrete.

9.3.2 Description of Test Methods

The nondestructive testing of in situ concrete may be carried out for a number of reasons. The final
objective of the evaluation, as well as the type and the extent of the available information, which is
essential for interpreting the results will generally influence the selection of a particular method. Arbi-
trarily, the combined methods based on ultrasonic pulse velocity and rebound hammer techniques can
be divided into two main groups.

In the first group, the prime objective is to determine the rate of strength gain in concrete and/or the
variation in the strength within a group of concrete batches, mixed to the same proportions. All the
ingredients of each mix (e.g., cement, aggregate, and admixture type) as well as their proportions are
generally known in this case.

A classical example of this application is the SONREB method, developed largely due to the efforts of
RILEM Technical Committees 7 NDT and 43 CND, and under the chairmanship of Facaoaru18 has been
adopted in Romania. A general relationship between compressive strength of concrete, rebound hammer



number, and ultrasonic pulse velocity, in accordance with the tentative recommendations for “In Situ
Concrete Strength Estimation by Combined Non-Destructive Methods,” RILEM Committee TC 43 CND,
1983, forms the basis of SONREB technique. Figure 9.2 shows this relationship in the form of a nomo-
gram. By knowing the rebound number and pulse velocity, the compressive strength is estimated. 

FIGURE 9.1  Typical relationship between the initial tangent and a chord modulus of elasticity for concrete. 0 to �1

is the range of potential disturbance in a static test, but also an elastic range in the dynamic test.

FIGURE 9.2  ISO-strength curves for reference concrete in SONREB method.
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A series of correction coefficients, developed for a specific concrete grade and type are then applied
in order to improve the accuracy of prediction obtained from the nomogram. The following coefficients
are used, according to Facaoaru:18

Cc  = coefficient of influence of cement type
Cd  = coefficient of influence of cement content
Ca  = coefficient of influence of petrological aggregate type
Cg  = coefficient of influence of aggregate fine fraction (less than 0.1 mm)
Co  = coefficient of influence of maximum size of aggregate

The accuracy of the estimated strength (the range comprising 90% of all the results) is considered to be

1. 10 to 14% when the correlation relationship is developed with known strength values of cast
specimens or cores and when the composition is known

2. 15 to 20% when only the composition is known

In the second group, the prime objective is to determine the potential compressive strength of in situ
concrete when its quality is considered to be suspect. Even if the intended mix ingredients and proportions
are known (and quite often this is not the case), low compressive strength results, poor field performance,
or even concrete appearance may lead to the belief that, due to either a mechanical malfunction or a
human error, these ingredients and proportions differ from the designed values. Thus for the second
group, we can say that the combined test method is used when concrete mix ingredients and proportions
are not known.

The general approach for the second case is to develop a correlation relationship between pulse velocity
and rebound hammer readings and compressive strength of standard laboratory specimens cast from the
locally manufactured concretes. These forms of general correlation at least reduce the uncertainties due
to variable ingredients and variations in mix proportions, as the sources of local raw materials are usually
limited. 

The accuracy (again shown as the range comprising 90% of all the results) when only specimens or
cores are available is indicated by Facaoaru18 to be between 12 and 16%. There are, however, ways in
which this accuracy can be improved. 

9.3.3 Development of Test Methods for Practical Applications

As already mentioned, in the majority of cases the need for in situ concrete strength evaluation arises as
a result of the suspect, and hence unknown, quality of the concrete in a structure.

In an ordinary concrete between 60 and 70% of the absolute volume is taken up by aggregate and the
rest by cement paste, consisting of hydrated and unhydrated cement grains, chemically bound and free
water, and entrained (small voids) or entrapped (larger voids) air. Subject to availability in a particular
country or region, part of the cementitious material may be ground granulated blast furnace slag, fly
ash, silica fume, or some other pozzolanic or reactive siliceous material. The paste may also contain
chemical admixtures. The strength characteristics of a given cement paste, subjected to the influence of
a particular environment, will be a function of time, and the strength characteristics of a given aggregate,
for all practical purposes, can be considered time independent and a function of its petrological type only.

Thus, even in concrete of suspect quality and unknown composition, there are two variables which
can be identified with a reasonable degree of accuracy, namely, petrological type of the aggregate and
approximate age of the concrete. Aggregate can be identified by removing some of the matrix in an out-
of-sight part of a structural member. Coarse aggregate is particularly easy to identify in this way and, in
the majority of commercial grade concretes, coarse aggregate content is significantly higher than the fine.

Establishment of a series of specific correlations between the combination of rebound hammer number
(R) and ultrasonic pulse velocity (V) and the compressive strength (S) of concretes, each containing a
particular aggregate type and being of a particular age group, was completed in the early 1970s by Samarin
and Smorchevsky.19,20 Because the transit time of an ultrasonic pulse through concrete consists of the



sum of transit times through aggregate and paste, the identification of aggregate type and time dependent
properties of cement paste eliminates two major uncontrollable variables of the general correlation. The
accuracy of the estimated compressive strength can thus be measurably improved. Yet another factor
which can improve the accuracy of prediction, particularly over a wide range of concrete strength levels,
is the provision for nonlinearity of some functions.

Work by Samarin20 has shown that for Australian concretes the relationship between rebound hammer
number (R) and the compressive strength (S) is nearly linear, and curve fitting analyses indicated that a
fourth order function gives the best correlations between ultrasonic pulse velocity (V) and the compres-
sive strength (S) for the same concretes. Thus the general equation for the rebound hammer correlation
relationship is

S = a0 + a1 R (9.1)

where a0, a1 are constants.
The general equation for the pulse velocity correlation relationship is of the form:

S = b0 + b1V4 (9.2)

where b0, b1 are also constants.
It is worth mentioning that the almost universally accepted empirical relationship between the elastic

modulus of concrete (E) and the compressive strength of concrete (S) is of the following general form:

E = A S0.5 (9.3)

where A is a constant, depending on concrete density, statistical evaluation of strength and the selected
system of measures. At the same time, the theory of propagation of stress waves through an elastic medium
states that for a compression wave the following functional relationship is valid:

E = B V2 (9.4)

where B is a constant, depending on density and Poisson’s ratio. Equating the right hand sides of Equations
9.3 and 9.4, we see that strength (S) is related to the fourth power of the pulse velocity (V), confirming
the general validity of Equation 9.2.

Detailed consideration of the above derivation was given by Samarin and Meynink.21 It was considered
convenient in this work to divide concrete into three age groups, namely:

1. 7 days and younger
2. Over 7 days but less than 3 months
3. 3 months and older

It is known, for example as reported by Elvery and Ibrahim,22 that the sensitivity of ultrasonic pulse
velocity to concrete strength is very high in the first few days, but after about 5 to 7 days (depending on
curing conditions) the results become considerably less reliable. Most of the concrete that is identified
as being suspect is subsequently tested in situ at the age of between 1 and 3 months. The majority of the
laboratory test data, for which the correlations have been developed, also fall into this period.

To develop a correlation relationship for each age group and aggregate type, concretes having a wide
range of strength grades and mix composition are cast into standard laboratory (cylindrical) specimens.
Compaction, curing, capping, etc. are carried out strictly according to the requirements of the relevant
standards. Just prior to a compression strength test, each specimen is placed in a horizontal rig and the
transit time of an ultrasonic pulse through the length of a capped cylinder is recorded. The pulse velocity
is calculated as the ratio of the length over the transit time. The specimen is then placed in a compression
machine and a load of approximately 1.4 MPa (200 psi) is applied, while 15 rebound hammer readings
are taken around the circumference of the cylinder. A similar technique can be used with a cube or a



prismatic specimen. The specimen is then tested in unconfined compression, using a test method that
complies with the relevant standard requirements.

When the multiple correlation relationship for each aggregate type and each age group is developed,
the results, as compared with correlations between compressive strength and ultrasonic pulse velocity
alone, or between compressive strength and rebound hammer reading alone, indicate:

1. An increase in the multiple correlation coefficient above the correlation coefficient for rebound
number alone for pulse velocity alone
(Note that correlation coefficients for rebound number and strength are generally higher [better]
than those for pulse velocity and strength.)

2. A decrease in the standard error of estimate for a multiple correlation relationship compared with
relationships between rebound number and strength alone and between pulse velocity and strength
alone

The degree of improvement due to the combined technique depends on a number of factors. Of these,
the most significant (in the order of importance) appear to be

1. Grouping concretes for a particular multiple-regression analysis according to the petrological type
of the coarse aggregate.

2. Use of least-squares curve fitting to establish the correct form of the relation between concrete
strength and each independent variable separately. (For Australian concretes, the correlation
between compressive strength and rebound hammer is very near linear, and pulse velocity has to
be raised to the fourth power in order to produce near optimum curve-fitting in its functional
relationship to strength.)

3. In establishing the multiple correlation relationship, a reasonably wide range of strength grades
of concrete (say, from 20 to 50 MPa) all manufactured using identical coarse aggregate, should be
used.

A typical multiple correlation relationship for Australian concrete in a form of a nomogram is shown in
Figure 9.3. Early age effect puts greater emphasis on pulse velocity. 

FIGURE 9.3  Nomogram for concrete of a particular aggregate type and age.
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Development of a general multiple correlation equation for a particular country or even for a given
district, for example as reported by Shah,23 does not take into consideration the coarse aggregate effect
and the benefit of a combined effect is reduced.

The curve fitting model used for each independent variable can have a significant effect on the relation
to strength. Malhotra and Carette8 in their analysis using multiple correlation methods compare their
own test data with the correlations obtained by Samarin and Meynink21 and Bellander.24 In each case,
when nonlinearity of pulse velocity vs. strength was not taken into account, the effect of the combined
method was either of little significance, or there was no improvement at all due to multiple correlation.

A variety of nonlinear and linear multiple correlation  equations were considered by different research
workers and the results are compiled in Table 9.1. In every case, when nonlinearity between the pulse
velocity (V) and strength (S) was taken into account the significance of the combined effect was enhanced.

9.3.4 Limitations and Advantages of Combined Pulse Velocity and Rebound
Number Technique

First of all, most of the limitations that apply to the rebound number method by itself (Chapter 1) and
also to the ultrasonic pulse velocity method by itself (Chapter 5) are likely to affect the reliability,
sensitivity, and reproducibility of the results obtained by the combined technique. However, there are
exceptions in those cases when a variation in properties of concrete produces opposite effects on the
result of each component test. Most notable of these is the effect of variability of moisture content in
concrete. An increase in the moisture content increases the ultrasonic pulse velocity but decreases the
value of the rebound hammer number. This aspect of the combined method was reported by Bellander,24

and it is also shown in Table 9.2 from unpublished research by Meynink and Samarin. In the work by
Meynink and Samarin, the objective was to assess the influence of curing and the moisture condition of
a specimen on the predicted vs. measured strength. The following method was employed: 

Seven sets of cylinders (2 per set) cast from the same mix were subjected to the following curing regimes
prior to testing in compression.

1. 28 days in water in 23˚C
2. 28 days in water at 23˚C, 2 h in oven at 65˚C
3. 26 days in water at 23˚C, 2 days in 50% relative humidity (RH), 23˚C environment
4. 7 days in water at 23˚C, 21 days in 50% RH, 23˚C environment
5. As for Number 4 but prior to testing, rewetted by immersion in water for 2 h 
6. 7 days in water at 23˚C, 7 days in 50% RH, 23˚C environment, 7 days in oven at 65˚C, 7 days in

oven at 110˚C
7. As for Number 6 but prior to testing, rewetted by immersion in water for 2 h 

The mix was typical of a concrete in Australia containing a natural normal weight aggregate and blended
cement. With the exception of high temperature treatments 6 and 7, the strength calculated from a
regression equation was within 1 MPa (about 145 psi) of measured strength for all curing and moisture
conditions. 

These results give further confidence in the combined technique developed by Samarin et al.19–21 on
the basis of prior correlations, when only the aggregate type and the age of concrete is known or can be
identified. Results of heat treated specimens indicate that concrete exposed to fire may not be suitable
for evaluation by the combined pulse velocity and hardness measurement technique. This view is con-
firmed by a detailed study of the effects of high temperatures on the reliability of strength estimates from
combined nondestructive tests by Logothetis and Economou.29

Chung and Law30 concluded that both the pulse velocity and the compressive strength of concrete are
reduced by fire attack, but that the rate of reduction is not the same. It seems that, in order to evaluate
the extent of fire damage, a prior multiple regression correlation relationship using the combined tech-
nique should be developed for concrete of a given composition subjected to a range of high temperatures.



The change in ultrasonic pulse velocity due to the presence of reinforcing bars in the direction of
propogation of the pulse was investigated by a number of researchers, among whom the work by Chung31

deserves particular mention. If the position of steel is known or can be located by a covermeter, corrections
as given by Chung,31 or as shown in B.S. 1881:Part 203:1986, can be applied. However, complicated steel
patterns in the direction of the ultrasonic pulse must be avoided.

The effect of incomplete consolidation of concrete on the accuracy of strength prediction using the
combined method developed by Samarin et al.19–21 was investigated by Samarin and Thomas.32 Reduction
in the concrete strength due to the lack of consolidation was correctly estimated by the combined
nondestructive test. In superplasticized concrete, the estimated strength tended to be conservative, i.e.,
the actual results were slightly higher than predicted. The effect of concrete surface treatments, such as
curing compounds and particularly surface treatments designed to improve abrasion resistance, was
investigated by Sadegzadeh and Kettle.33 The ultrasonic pulse velocity readings were not found to be
significantly sensitive to surface treatments. The rebound hammer readings were affected by finishing
techniques and curing regimes, but not by the liquid surface treatments. Hence, care must be taken in
applying combined nondestructive test methods to concretes with abrasion-resistant surface treatments.
Similar considerations may apply to very old, surface-carbonated concretes.

9.3.5 Application of Combined Test Methods

In evaluating the in situ properties of concrete, one must take into account the potential differences
between strengths in the lower and upper parts of structural members, and the extent to which this

TABLE 9.1 Various Multiple Regression Correlations Suggested by Different Researchers 
for Estimating Compressive Strength of Concrete

Researchers
Form of Multi-Regression 

Equation Significance of the Combined Effect

McLeod5 S = K0 + k1 R + k2 V Significant in some cases, but not in others
Di Maio, et al.25

Tanigawa, et al.26

Knaze and Beno27 S = a0 + a1 R + a2 R2 Use of nomogram “Curves of Equal
S = b0 + b1V + b2V2 Strength”; effect considered significant 

Bellander24 S = k0 + k1R3 + k2V Significant to a certain degree
Weibinga3 logeS = k0 + k1R + k2V Significant (within test conditions)
Shah23

Tanigawa, et al.26

Schickert28 S = k0RnVm Some evidence of significant effect
Samarin et al.19–21 S = k0 + k1R + k2V4 Significant
Tanigawa et al.26 S = V(a0 + a1R + a2R2 + a3R3) Significant (but possibly too complex)

TABLE 9.2 Effect of Curing Conditions and Moisture Content of Concrete on the Reliability of Predictions 
Using Combined Techniques

Compressive Strength (MPa)

Description of Curing of Cylinders
Pulse Velocity 

(km/s)
Rebound 
Number Predicted Actual

1. 28 days moist 4.59 27.3 35.5 35.0
2. 28 days moist, dry surface by 65˚C (2 h) 4.57 27.9 36.0 35.0
3. 26 days moist, dry surface by 50% RH (2 days) 4.56 29.1 37.0 38.0
4. 7 days moist, dry at 50% RH (21 days) 4.43 29.3 34.5 35.5
5. 7 days moist as for (4) but rewetted 4.41 27.2 31.5 31.5
6. 7 days moist/very dry in oven 4.10 28.9 28.0 39.0
7. 7 days moist as for (6) but rewetted 3.94 27.3 23.5 31.0



difference is affected by the size and the shape of a structural element. Wiebenga,34 in his general report
on the subject, states that the differences in strength between the upper and lower parts of walls and
columns can often be 20 to 30% and in some cases the strength is up to 50% lower in the bottom parts
of these members.

Destructive tests can be influenced by a number of factors, and these should be taken into consideration
when comparison is made or correlations are established with the nondestructive tests. For example,
Meynink and Samarin35 found that the cores drilled in a horizontal direction generally give lower results
than vertical cores taken at the same location.

Subject to the above considerations, combined methods for which prior correlations were developed
for the local concrete materials have been successfully used for nondestructive in situ strength evaluation
of concrete. Most of the reported cases of practical applications of the combined technique were in Europe
and in Australia. The SONREB method, in which all concrete mix ingredients and proportions are usually
known in advance, found practical use in Europe, as previously mentioned and reported by Facaoaru.18

The application of this technique by Pohl36 in the solution of a structural repair problem of a concrete
silo resulted in considerable cost saving on the project. The main advantage of a nondestructive test is
the possibility of obtaining a very large number of spot readings at a relatively low cost and without
affecting the integrity of a structure.

Use of the combined nondestructive technique developed by Samarin et al.19–21 became a routine
method for evaluating the in situ quality of suspect concrete in many parts of Australia, and examples
of its applications in a variety of projects involving office buildings, hospitals, and precast yards were
given by Meynink and Samarin35 and by Samarin and Dhir.37 Some examples highlighting the practical
use of this technique in Scotland were also reported.37

9.4 Conclusions

Combined nondestructive methods refer to techniques in which one test is used to improve the reliability
of the in situ concrete strength estimated by means of another test alone.

The validity of a combined technique can be evaluated from the degree of improvement this additional
test provides to the accuracy and reproducibility of predictions, vs. the additional cost and complexity
of the combined method and the extent to which it is practicable to perform the additional tests in situ.

Of the various combinations proposed by different researchers and from the reported data it seems
that only the combined techniques based on the ultrasonic pulse velocity and surface hardness measure-
ment have been adopted in some parts of the world for practical evaluation of the in situ compressive
strength of concrete. Presently, other combined techniques should be considered as being in the research
and development phase.

The limitations of a combined method are usually those pertinent to the limitations of each component
test, except when a variation in the properties of concrete affects the component test, except when a
variation in the properties of concrete affects the component test results in opposite directions. In this
case, the errors can be self-correcting. Development of a prior correlation relationship is essential if the
estimates from the combined tests are to be meaningful. The more information that can be obtained
about the concrete ingredients, proportions, age, curing conditions, etc. the more reliable the estimate
is likely to be.

When testing suspect quality concrete of unknown composition, it is highly desirable to develop a
prior correlation relationship in which factors such as aggregate type and approximate age of concrete
are introduced as constants. For most in situ concretes an approximate age and petrological type of
aggregate can be determined, thus reducing the number of uncontrollable variables in the equation by
two.

The most important influences on the accuracy and reliability of strength estimates seem to be the
coarse aggregate type in the concrete and the form of the multiple-regression equation. Nonlinear
correlation relationships appear to provide more accurate estimates.



When a reliable prior correlation relationship exists for a particular concrete type, the use of combined
nondestructive techniques provides a realistic alternative to destructive testing. It is often possible to
perform a large and thus a representative number of tests at a reduced cost compared with coring, and
without an adverse effect on the integrity of a structural element.
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The initial portion of the chapter briefly describes the theory of magnetic induction, magnetic flux
leakage, and nuclear magnetic resonance to facilitate an understanding of equipment used to locate
reinforcement and determine the moisture content of concrete.

The remaining portion of the chapter discusses the electrical nature of concrete and the mechanism
of reinforcement corrosion as a preliminary to understanding the use of electrical capacitance and
resistance to measure moisture content, pavement thickness, and corrosion of reinforcement.

Where possible, the accuracy of current magnetic and electrical apparatus is indicated.

10.1 Introduction

Magnetic and electrical methods are used in a number of ways to evaluate concrete structures. These
methods are used to (1) locate reinforcement and measure member thickness by inductance; (2) measure
the moisture content of concrete by means of its electrical properties and the nuclear magnetic resonance
of hydrogen atoms; (3) measure the corrosion potential of reinforcement; (4) determine pavement
thickness by electrical resistivity; and (5) locate defects and corrosion in reinforcement by measuring
magnetic flux leakage.

Magnetic and electrical methods have received considerable attention in recent years. Their underlying
principles range in complexity as do their practical applications in the field.

10.2 Magnetic Methods

10.2.1 Introduction

Materials containing iron, nickel, and cobalt are strongly attracted to themselves and to each other when
magnetized; they are called ferromagnetic materials. Other materials, such as oxygen, which are weakly
attracted by magnetic fields, are called paramagnetic materials.

In 1905, the magazine Revue de Met mentioned for the first time the possibility of detecting defects
such as cracks, laminations, etc. in ferromagnetic materials by means of magnetic fields. In 1919,
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E.W. Hoke applied for the first patent in the United States on a magnetic inspection method, which
was granted in 1922.

Magnetic nondestructive testing techniques used in conjunction with concrete involve the magnetic
properties of the reinforcement and the response of the hydrogen nuclei to such fields. Because of the
need to control the magnetic field, electromagnets are used in most instances.

10.2.2 Theory

At the present time, three different aspects of magnetic field phenomena are used in the nondestructive
testing of reinforced concrete: (1) alternating current excitation of conducting materials and their mag-
netic inductance; (2) direct current excitation resulting in magnetic flux leakage fields around defects in
ferromagnetic materials; and (3) nuclear magnetic resonance.

10.2.2.1 Magnetic Induction

This technique is only applicable to ferromagnetic materials. Test equipment circuitry resembles a simple
transformer in which the test object acts as a core (Figure 10.1). There is a primary coil, which is connected
to a power supply delivering a low frequency (10 to 50 Hz) alternating current, and a secondary coil,
which feeds into an amplifier circuit. In the absence of a test object, the primary coil induces a small
voltage in the secondary coil, but when a ferromagnetic object is introduced near the coils, a much higher
secondary voltage is induced. The amplitude of the induced signal in the secondary coil is a function of
the magnetization characteristics, location, and geometry of the object. 

The inductance of a coil can be reduced by bringing a conducting surface near the coil. It can be
shown that the effect of a conducting plate on the coil is the same as the effect of a second coil, identical
to the first, carrying a current equal and opposite to the coil current and located on the coil axis at a
distance 2d from the original coil, where d is the coil-to-plate distance. The second coil is said to be the
image of the first. The voltage induced in the first coil is seen to have two components. The first of these
is due to the self-inductance of the coil in space, and the second is due to the mutual inductance between
the coil and the plate. Thus the induced voltage is seen to be the sum of two components, one a constant
and the other a function of coil-to plate spacing. As a result the inductance of the coil can be used to
measure coil-to place distance, d, if the relationship between mutual inductance and d is known.

The probe unit consists of a highly permeable U shaped magnetic core on which two coils are mounted.
An alternating current is passed through one of these coils and the current  induced in the other coil is
measured. The induced current depends upon the mutual inductance of the coil and upon the presence
of the steel reinforcing bars. For a given probe the induced current is controlled by the distance between
the reinforcement and the probe. This relationship between induced current and distance from the probe
to the reinforcement is not linear because the magnetic flux intensity decreases with the square of the
distance. As a result, calibrated scales on commercial equipment are nonlinear. The magnetic permeability
of concrete, even though low, will have some effect on the reading.

10.2.2.2 Flux Leaking Theory

Fundamentals of this theory have been explained in detail in a number of texts.2–4 When ferromagnetic
materials are magnetized, magnetic lines of force (or flux) flow through the material and complete a
magnetic path between the poles. These magnetic lines of flux increase from zero at the center of the
specimen and increase in density and strength toward the outer surface. When the magnetic lines of flux
are contained within the ferromagnetic object, it is difficult, if not impossible, to detect them in air space
surrounding the member. However, if the surface is disrupted by a crack or defect, its magnetic perme-
ability is drastically changed and leakage flux will emanate from the discontinuity. Measurement of the
intensity of this leakage flux provides a basis for nondestructive identification of such discontinuities.
Figure 10.2 illustrates how a notch or defect distorts the magnetic lines of flux causing leakage flux to
exist in the surface of the ferromagnetic material. 

Automatic flux leakage inspection systems use magnetic field sensors to detect and measure flux leakage
signals. Flux leakage sensors usually have small diameters in order to have adequate sensitivity for



detecting short length defects. Probes are typically spring loaded to provide constant lift-off (distance
between probe and surface). Signals from probes are transmitted to the electronics unit where they can
be filtered and analyzed by a continuous spectrum analyzer.

A majority of the sensors are inductive coil sensors or solid-state Hall effect sensors (electromotive
forces developed as a result of the interaction of a steady current flowing in a steady magnetic field).
Magnetic diodes and transistors, whose output current or gain change with magnetic field intensity, can
also be used. To a lesser extent, magnetic tape systems have also been used.

The more highly magnetized the ferromagnetic object, the higher its leakage flux intensity from a
given defect. The amount of leakage flux produced also depends on defect geometry. Broad, shallow
defects will not produce a large outward component of leakage flux; neither will a defect whose long axis
is parallel to the lines of flux. The latter are more easily detected with circular magnetic fields. Internal
defects in thick parts may not be detected because the magnetic lines of flux nearly bypass the defect
with little leakage. Defects oriented so that they are perpendicular to the surface and at right angles to
the lines of flux will be more easily detected than defects laying at an angle with respect to the surface
or flux lines. Defects lying at a shallow angle to the surface and oriented in the direction of the flux lines
produce the weakest lines of leakage flux.

10.2.2.3 Nuclear Magnetic Resonance (NMR)

This technique is based on the interaction between nuclear magnetic dipole moments and a magnetic
field. This interaction can be used as a basis for determining the amount of moisture present in a material
by detection of a signal from the hydrogen nuclei in water molecules. The term resonance is used because
the frequency of gyroscopic precession of the magnetic moments is detected in an applied magnetic field.

FIGURE 10.1  Principle of operation of induction meter used to locate reinforcement. (From Malhotra, V.M., Testing
Hardened Concrete: Nondestructive Methods, ACI Monogr. No. 9, The Iowa State University Press, Ames, and
American Concrete Institute, Detroit, 1976. With permission.)

FIGURE 10.2  Effect of defects on flux pattern and measurement.
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Several methods of generating and detecting NMR signals are available. The method preferred for
most practical applications is the transient or pulsed method because measurements can be made rapidly
and the data obtained provide a maximum amount of information about the investigated species. Detailed
information on this method is available in several texts.5–7

10.2.3 Test Methods

10.2.3.1 Depth of Concrete Cover

The induction principle resulted in the development of equipment for determining the location, sizes,
and depth of reinforcement.8,9 In 1951 an apparatus called the “covermeter” was developed in England
by the Cement and Concrete Association in conjunction with the Cast Stone and Cast Concrete Products
Industry.8 Their reports indicate the effectiveness of this type of equipment for both plastic and hardened
concrete. Refined versions are now available, using more sophisticated electronic circuits, which can
detect reinforcement at depths of 12 in. A typical meter is shown in Figure 10.3.

Meters must be recalibrated for different probes. The probes are highly directional. A distinct maximum
in induced current is observed when the long axis of the probe and reinforcement are aligned and when
the probe is directly above the reinforcement. By using spacers of known thickness, the size of reinforcing
bars between 3/8 and 2 in. (9.52 mm and 57.33 mm) can be estimated.

British Standard 4408 pt 1 suggests a basic calibration procedure involving a cube of concrete of given
proportions with reinforcing bars at specified distances from the surface.10

These meters can be used to estimate the thickness of concrete members accessible from both sides.
If a steel plate is aligned on one side with the probe on the other side, the measured induced current
will indicate the thickness of the slab. The equipment must be especially calibrated for this use.

Commercial reinforcement bar locaters are portable, inexpensive instruments that can be easily used.
Accuracy of ±2% or 0.1 in. up to depths of 6 in. for any bar size has been claimed. A bar size accuracy
of ±10% to a depth of 8 in. is also indicated. The latest equipment utilizes headphones that can detect
by tone, a 3/4-in. bar at 12-in. depth. Tone trigger levels can be preset for depths less than 6 in. If cover
determinations are carried out on a grid system over the concrete surface, equi-depth contours can be
constructed which clearly illustrate the variability in depth of cover and any regions where it is less than
satisfactory. An example of this type of map is illustrated in Figure 10.4. 

The use of a hand-held instrument in mapping the cover of reinforcement in a bridge deck is very
time consuming. The U.S. Federal Highway Administration developed a “Rolling Pachometer,” which

FIGURE 10.3  A meter used to locate reinforcement. Instrument includes a standard probe, a special probe for
magnetic concrete, headphones and a spacer block for rebar measurement. (Courtesy of NDT James Instrument Inc.)



proved to be accurate, reliable, and capable of gathering data at a rate 20 times that of conventional
hand-held methods.11 The second generation system contains a modified hand-held meter, a battery
operated, two channel, pressurized ink recorder; a speedometer; and associated electronics. The electron-
ics include an amplifier, filters, voltage regulators, adjustable high and low reinforcing bar limit controls,
a magnetic sensor, and counters for processing and displaying distance marks on the chart graph. A
constant scan speed of 1 mph is required. The speedometer works in conjunction with the magnetic
sensor which is located on one of the wheels. Pulses from the sensors, which are processed and used to
indicate speed, are also fed into counters which trigger a distance mark on the left side of the chart paper
(Figure 10.5). These distance marks occur every 18 in. of travel and, when used with the manual event

FIGURE 10.4  Depth of concrete cover on a reinforced concrete bridge deck.

FIGURE 10.5  Typical chart recorder presentation of “Rolling Pachometer.” (Adapted from Reference 11.)
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marker switch, can be correlated to a particular area of interest on the bridge. The manual event mark
is displayed on the left side of the chart paper. 

Data, representing variations of the signal as the probe passes over the reinforcing bars, are displayed
on the left channel of the chart paper. The sinusoidal nature of the recorded data represents the peaks
associated with a reinforcing bar and, by measuring the distance of each peak to the edge of the chart
paper graph, depth of cover can be determined from a calibration curve. High and low limit controls
permit identification of reinforcing bars either higher or lower than the allowed tolerances for the specified
depth. This is indicated on the right-hand channel. A spike to the left of center indicates a rebar that is
lower than the preset limit. A spike to the right of center indicates a rebar that is higher than the preset
limit.

Calibration curves for the apparatus are developed by constructing a test track with simulated bridge
deck construction.

Repeatability, stability, and operation of the rolling instrument under various temperature extremes
proved excellent. In comparison with other calibrated, hand-held meters, the results were also very good.
A constant bias was, however, noted in both systems during the test of a particular bridge. The peaks
indicated that the rebars were closer to the surface than when measured by coring operations. The error
ranged from 1/8 to 1/4 in. depending upon the depth of the reinforcing bars. This bias effect was caused
by the presence of magnetic aggregate particles. As a result, each bridge deck requires calibration with
coring to correct for this kind of bias. The system is considered to be accurate within ±0.25 in.

The accuracy of test systems using the induction principle are reduced by factors that affect the
magnetic field within the range of the instrument. They include presence of more than one reinforcing
bar — laps and second layers; metal tie wires and bar supports; and variations in the iron content of the
aggregate and cement. As depth/spacing ratios increase, it becomes more difficult to discern individual
bars. The operating temperature range of battery-operated models is generally relatively small, and such
instruments will not function satisfactorily at temperatures below freezing.

10.2.3.2 Magnetic Field Method of Detecting Flaws in Reinforcement

Currently used inspection procedures rely heavily on rust staining, cracking, and spalling of concrete as
an indication of problems with reinforcing steel. There is a great need for a practical nondestructive in
situ method for detecting deterioration in the reinforcing steel of prestressed concrete highway bridge
members. Of primary interest is the need to detect a 10% loss or greater of area due to corrosion and
fracture of reinforcing bars and strands. Figure 10.6 illustrates regions of particular interest. A magnetic
field method based on leakage flux was considered to have the most promise for this application and
was investigated by the U.S. Federal Highway Administration.12

This magnetic field method consists of applying a steady-state magnetic field to the beam under
inspection and the use of a scanning magnetic field sensor to detect perturbances in the applied field
caused by anomalies such as deterioration or cracks. The magnetizing field is produced by a dc excited
electromagnet and a Hall-effect device is used as the magnetic field sensor. The experiments included
varying degrees of deterioration, influence of adjacent unflawed steel elements, type of tendon duct, type
of reinforcing steel, transverse rebar configuration, etc. Figure 10.7 illustrates typical magnetic responses
for different steel configurations and degrees of deterioration. The results of the laboratory evaluation
indicated good overall sensitivity to loss-of-section and excellent sensitivity to fracture with minimal
degradation to signal response in the presence of a steel duct. 

Field test results showed signatures with features similar to those observed in the laboratory as well
as several prominent anomalous indications. From analyses of test data and field investigations it was
determined that steel elements (chairs) were present in the structure which were completely unanticipated
and were not indicated on the drawings. A method involving the “subtracting out” of configurational
steel signatures so that signatures from deterioration and fracture could be recognized, proved successful.
Additional work at the Ferguson Laboratory of The University of Texas at Austin confirmed the ability
of the method to detect fractures in reinforcing strands as they developed from fatigue due to cyclic
loadings.13



FIGURE 10.6  Critical reinforcement in structural bridge members. (Adapted from Reference 12.)

FIGURE 10.7  Selected magnetic signatures from laboratory investigations of flux leakage instrument. (Adapted
from Reference 12.)
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2-5/8 in. flexible duct, no specimen, 2.5 in. probe-to-duct
spacing, 3 amp.

2-5/8 in. rigid duct, no specimen. 3/8 in. rebars 20 in.
apart and above duct, 2.5 in. probe-to-duct spacing, 3 amp.

1in.  bar, rigid duct, 3/8 in. rebars 20 in. apart and
above duct, 2.5 in. probe-to-specimen, 3 amp.

1/2 in. strand, 3/8 in. rebars 20 in. apart and above
specimen, 1.5 in. probe-to-specimen spacing, 2 amp.

1.0 V Typ.
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A
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End of Specimen

E

Rebar Rebar
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86%  0.13 in.
Section Loss
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10.2.3.3 Nuclear Magnetic Resonance Method of Determining Moisture Content

Corrosion of reinforcing steel in structural concrete is known to be caused by the combined action of
chloride ions, moisture, and oxygen. Matzkanin et al. report on the development, fabrication, and
evaluation of a nondestructive instrument for measuring the moisture content in reinforced concrete
bridge decks.14 This instrument is based on nuclear magnetic resonance (NMR) which is an electromag-
netic method capable of determining the amount of moisture present in a material by detection of a
signal from the hydrogen nuclei in water molecules. The transient (or pulsed) method is the most suitable
one for practical applications.

The following discussion comes from the report by Matzkanin et al.14 For transient NMR measurement,
the material is exposed to a static magnetic field of intensity, Ho, and to a pulsed radiofrequency (RF)
magnetic field, H1 corresponding to the NMR frequency of the nuclei of interest. For hydrogen nuclei
the NMR frequency is 2.1 MHz in a magnetic field of 494 O�(3.9 104 A/m). The H1 field is generated
by a transmitter which produces adequate power to cause the required RF current to flow in a tuned
detection coil. Following each transmitter pulse (sequence) the NMR response of the excited nuclei induce
a transient RF voltage in the detection coil. The prototype NMR Moisture Measurement System utilizes
a two pulse sequence which provides the capability of distinguishing between NMR signals from free
moisture and signals from bound hydrogen. For the application of NMR to moisture measurement in
concrete bridge decks, a sensor assembly is required in which the test specimen is external to both the
RF coil and magnet structure. A schematic illustration of the approach utilized in the prototype mea-
surement system developed in this program is shown in Figure 10.8. A U-shaped magnet provides a
magnetic bias field, Ho, extending outward from the open ends of the “U.” The field direction is repre-
sented by the dashed line in Figure 10.8. The RF coil is a flat spiral located in the plane of the two magnet
faces; two direction lines of the RF field, H1, are shown in the figure. At a selected distance interval below
the plane of the RF coil and magnet poles, the resonance relationship between the magnetic field intensity
and RF frequency for hydrogen NMR can occur. The size, shape, and location of the sensitive region are
determined by the magnitude and gradients of the magnetic bias field and the RF field. 

FIGURE 10.8  Schematic illustration of NMR detection for a specimen external to the RF coil and magnet structure.
(Adapted from Reference 14.)
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Specifications for the system indicate a moisture content range of from 1 to 6% by weight of the
material with an accuracy of ±0.2% moisture for depths up to 2.75 in. and ±0.4% moisture for depths
from 2.75 to 3.75 in. The measurement time per location was estimated at 2 min. A prototype instrument
was developed for the Federal Highway Administration.14 The two assemblies comprising the prototype
NMR Moisture Measurement System have exterior dimensions as shown in Figure 10.9. The electronics
assembly contains the RF pulse generators operating at 2.1 MHz, amplifiers, signal processing compo-
nents, and magnet power supply. The sensor assembly contains the electromagnet capable of producing
the required hydrogen NMR field of 494 O�(3.9 104 A/m) at distances up to 6 in. (152 mm) away, the
NMR detection coil and the tuning capacitor.

10.3 Electrical Methods

10.3.1 Introduction

The changes in electrical properties of concrete have been investigated as a basis for understanding
durability and the development of various nondestructive tests. The properties include electrical resis-
tance, dielectric constant, and polarization resistance.

10.3.2 Theory

10.3.2.1 Electrical Nature of Concrete

The evaporable water content of concrete varies with water-to-cement ratio, degree of hydration, and
degree of saturation. This water contains ions, primarily Na+, K+, Ca++, SO– –, and OH–, whose concen-
trations vary with time. As a result the conduction of electricity by moist concrete could be expected to
be essentially electrolytic as suggested by Nickkanin.15 Tests by Hammond and Robson support this view.16

Much of the following presentation of the theory is based on a paper by Monfore.17

The resistance of an electrolyte, or any other material, is directly proportional to the length and
inversely proportional to the cross-sectional area. Thus

(10.1)

FIGURE 10.9  Diagram of sensor assembly and electronics assembly for NMR bridge deck moisture measurement
system. (Adapted from Reference 14.)
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where
R = resistance in ohms

= resistivity in ohm-cm
L = length in cm, and
A = cross-sectional area in cm2

Resistivity, , is essentially constant for a given material under constant conditions and is numerically
equal to the resistance of a 1-cm cube of the material.

Ohm’s law states that the direct current through a metallic conductor is directly proportional to the
potential applied and inversely proportional to the resistance of the conductor, i.e.,

(10.2)

where
I = current in amperes
E = potential in volts

If the conductor is an electrolyte, the passage of direct current (movement of ions) will cause polar-
ization and the establishment of a potential at the electrodes that opposes the applied potential. In such
a case the current is

(10.3)

where
Ea = the applied potential in volts
Ep = the polarization potential in volts, or back emf, as it is frequently called

Polarization potential (back emf) results from reactions that take place at the electrodes, reactions that
depend upon the ions present and the materials of the electrodes. Thin films of oxygen, hydrogen, or
other gases may be formed on the electrodes and may influence the potential created.

The use of alternating current does not avoid these polarization effects. Investigators such as Hammond
and Robson suggest that the behavior of concrete can be modeled by a capacitor and resistor in parallel.16

The current through such a combination is

(10.4)

where
I = current in amperes
E = potential in volts
Z = impedance in ohms

For the particular case of a resistor and capacitor in parallel

(10.5)

where
= 2 f, f being in hertz, Hz (cycles per second)

C = capacitance in farads
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Another way of evaluating the model for alternating current is

I = j FE� (10.6)

where
F = a factor taking into account the geometry of the electrodes
E = the potential difference between the electrodes, volts

= 2 f

and
� = the complex dielectric constant defined as

� = � – j� (10.7)

where
� = the dielectric constant of the material and

(10.8)

The complex dielectric constant, �, of a material is a measure of the extent and speed with which its
molecular dipoles are aligned by an electric field. The real component, � , is a measure of the extent of
alignment, and the complete component � , is a measure of the speed of alignment, or frictional loss of
electrical energy. 

The �-value of free water is about 40 times that of most solids, including cement and stone. It is about
8 times that of chemically  bound water. the �-value of moist concrete is a complex function of the
dielectric properties of its components and the fact that its water exists in three states — unbound or
free, chemically bound, and physically adsorbed.

Despite the complex relationship between a material’s moisture content and its dielectric constant,
this property has been used in the evaluation of moisture content.

10.3.2.2 Mechanism of Reinforcement Corrosion

The corrosion of steel in concrete is an electrochemical process that requires a flow of electrical current
for the chemical corrosion reactions to proceed. It is similar to a corrosion cell of two dissimilar metals
in which a current flow is established between two metals because of the difference in their electrical
potential. A separate cathodic metal is not required for corrosion of steel. This is because different areas
of the bar may develop “active sites” with higher electrochemical potentials, and thus set up anode-
cathode pairs as illustrated in Figure 10.10, and corrosion occurs in localized anodic areas. The devel-
opment of active sites can be caused by a variety of conditions, such as different impurity levels in the
iron, different amounts of residual strain, or different concentrations of oxygen or electrolyte in contact
with the steel. 

For corrosion of steel embedded in concrete to occur, a number of conditions must be met:

1. The provision of anode-cathode sites
2. Maintenance of an electrical circuit
3. Presence of moisture and oxygen 

FIGURE 10.10  Rusting of an isolated steel bar.
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Even with activity sites present reinforcement will not corrode if the normal highly alkaline conditions
present in concrete prevail (a pH of about 12 to 12.5). At this level of alkalinity a passive oxide film forms
on the surface of the reinforcement which prevents corrosion. This passive iron oxide layer is, however,
destroyed when the pH is reduced o about 11.0 or below, and the normal porous oxide layer forms during
corrosion. This critical reduction in pH occurs when calcium hydroxide, which maintains the high pH
in cement paste, is converted to calcium carbonate by atmospheric carbonation. Chloride ions have the
special ability to destroy the passive oxide film even at high alkalinities. The amount of chloride required
to initiate corrosion depends on the pH of the solution in contact with the steel. Comparatively small
quantities are needed to offset the alkalinity of portland cement. Concretes with a low permeability will
limit the rate of corrosion by limiting the rate of diffusion of oxygen. Figure 10.11 is a summary of the
relationships involving these variables.18 If the values of pH, chloride content, and oxygen concentration
result in a point below the curved surface, there is no corrosion.

The electrical potential differences, or voltage, between the anode and cathode may be measured by
a voltmeter. The difference in measured voltage is not, however, very meaningful. It has been known for
some time that the electrode potential of the steel in concrete is an indicator of corrosion feasibility. This
electrode potential shows if a particular electrochemical reaction at the electrode is possible or impossible.
For any chemical or electrochemical reaction, the thermodynamics and kinetics of the reaction determine
the extent to which the reaction occurs. The thermodynamic factors determine if a reaction is possible
and the kinetic factors determine the rate at which the reaction can proceed under a given set of
conditions. In our case, the electrode potential is the thermodynamic factor, while concrete resistivity
and availability of oxygen are the kinetic factors.

10.3.3 Electrical Properties of Concrete

Little information exists in the literature relative to electrical properties of concrete. The most compre-
hensive studies are those of Hammond and Robson16 and Monfore.17

Moist concrete behaves essentially as an electrolyte with a resistivity in the order of 104 ohm-cm, a
value in the range of semiconductors. Oven-dried concrete has a resistivity in the order of 1011 ohm-cm,
a reasonably good insulator. The resistivity to direct current may be different since there is a greater
polarizing effect. 

FIGURE 10.11  Regions of corrosion and no corrosion as a function of pH, chloride concentration, and oxygen
concentration. (Adapted from Reference 18.)
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Table 10.1 indicates essentially constant values of polarization potentials and resistance under varying
applied D.C. voltages (see Equation 10.3). Table 10.2 gives additional information on concrete of different
ages.

These data indicate an increase in resistance with age, probably as a result of a decrease in free water
due to hydration. The polarization potential remained constant under different applied potentials.

Table 10.3 shows the effect of frequency to be minor in terms of resistance but substantial in terms of
capacitance. The values of calculated impedance was essentially equal to the measured resistance.

The effect of potential on resistance or impedance was slight as shown in Table 10.4. 
Since the resistivity of electrolytes decreases with increasing temperature, the resistivity of moist paste,

mortar and concrete would also be expected to decrease with increasing temperature. Measurements of
the resistivity of paste over a temperature range of 40 to 100°F indicated an average decrease in resistivity
of 1% per degree increase in temperature.17

TABLE 10.1 Polarization Potential and Resistance Under Varying 
D.C. Potential

Applied D.C. 
Potential (volts)

Polarization Potential, Ep

(volts)
Resistance, R

(ohms)

4 and 6 1.77 327
6 and 8 1.78 325
8 and 10 1.75 328

Note: Table 10.2 gives additional information on concrete of different
ages.

From Monfore, G.E., J. PCA Res. Dev. Lab., 10(2), 1968. With
permission.

TABLE 10.2 Polarization Potential and Resistance of Concrete

Concrete
Age 

(days)
Applied D.C. Potential 

(volts)
Polarization Potential, Ep

(volts)
Resistance, R

(ohms)

A 7 4 and 6 1.84 412
A 28 4 and 6 1.84 514
A 90 4 and 6 1.85 642
B 7 4 and 6 1.80 308
B 28 4 and 6 1.76 435
B 90 4 and 6 1.77 598

From Monfore, G.E., J. PCA Res. Dev. Lab., 10(2), 1968. With permission.

TABLE 10.3 Effect of Frequency at Constant Potential

Frequency
(Hertz)

Resistance, R
(ohms)

Capacitance, C
(microfarads)

Impedance, Z
(ohms)

100 571 0.07217 570.8
1000 561 0.00301 560.4
10000 551 0.00040 551.0

Note: The effect of potential on resistance or impedance was slight as
shown in Table 10.4.

From Monfore, G.E., J. PCA Res. Dev. Lab., 10(2), 1968. With permission.



10.3.4 Test Methods

10.3.4.1 Capacitance Instruments for Measuring Moisture Content

Experimental investigations at frequencies up to 100 MHz have shown that both the real and imaginary
components (see Equation 10.7) of the dielectric constant of building materials increase significantly
with increasing moisture conent.16,18,19 The relationships are different for different materials. Bell et al.
indicated that the moisture content of laboratory concrete specimens could be determined to ±0.25%
for values less than 6% using a 10 MHz frequency.18 Jones confirmed that high frequencies (10 to 100
MHz) minimize the influence of dissolved salts and finally electrical contacts.19

Capacitance instruments are available to measure the moisture content of building materials. Various
electrode configurations are available. The electrodes are attached to a constant frequency alternating
current source and establish an electric field in the material to be tested. Current flow or power loss
indicating moisture content is then measured. Most instruments are portable and easily operated. Figure
10.12 shows a moisture meter which works on this principle. A recent investigation by Knab et al. suggests
that further study is required to establish the reliability of this method.20 it is suggested that instruments
be calibrated for a particular material. This would involve relating the measured power loss with the
moisture content determined by a direct method such as heating in an oven. 

TABLE 10.4 Effect of Potential at a Frequency of 1000 Hertz

Applied Potential 
(volts)

Resistance, R
(ohms)

Capacitance, C
(microfarads)

Impedance, Z
(ohms)

2 964.4 0.00140 964.4
4 962.8 0.00207 962.7
6 962.0 0.00267 961.8
8 961.4 0.00295 961.3

From Monfore, G.E., J. PCA Res. Dev. Lab., 10(2), 1968. With permission.

FIGURE 10.12  Meter designed to measure moisture content of solids based on capacitance. (Courtesy of NDT
James Instruments Inc.)



10.3.4.2 Electrical Resistance Probe for Measuring Moisture Content

The resistance probe method involves measuring the electrical resistance of a material, which decreases
as the moisture content increases. Most instruments consist of two closely spaced probes and a meter-
battery assembly enclosed in a housing. The probes are usually insulated except at the tips so that the
region being measured lies between the tips of the probes. By having the probe penetrate soft materials
the moisture content at various depths can be measured. This type of instrument should be calibrated
for the particular material being tested.

These simple, inexpensive instruments do not determine moisture contents precisely. However, a
resistance-type meter has been used to trace moisture movement through concrete.21

Resistivity measurements can be used to estimate the probability of significant corrosion when half-
cell potential tests show that corrosion is possible.22 In general it has been shown that if:

1. The resistivity is greater than 12,000 ohm-cm, corrosion is unlikely to occur
2. The resistivity is in the range 5000 to 12,000 ohm-cm, corrosion will probably occur
3. The resistivity is less than 5000 ohm-cm, corrosion is almost certain to occur

10.3.4.3 Resistivity and Pavement Thickness

The resistance to the passage of electric current is different for different materials. Since concrete and
subgrade have different characteristics the change in slope of a resistivity vs. depth curve will indicate
pavement thickness.22 A method for measuring resistivity, as illustrated in Figure 10.13, was suggested
by Robertshaw and Brown23 Four electrodes are spaced equally. A current I is passed through the outer
electrodes, C1 and C2 while the potential drop E between the inner electrodes, P1 and P2, is measured.
The resistivity is calculated as:

(10.9)

where A is the electrode spacing in cm. 
When testing a concrete pavement the electrode system may be spaced at a 1- or 2-in. spacing for the

initial readings and the system expanded in 1-in. increments for successive readings extending to a spacing
equal to the pavement depth plus 3 to 6 in. 

FIGURE 10.13  Vertical section along line of electrodes showing lines of current flow and equipotential surface in
homogeneous materials. (From Robertshaw, J. and Brown, P.D., Proc. Inst. Civil Engineers (London), 4(5), Part I, 645,
1955. With permission.)
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When plotting resistivity against electrode spacing or depth, a change in resistivity is normally encoun-
tered in the base layer that will produce a recognizable trend in the curve towards a higher or lower
resistivity, signifying the presence of the underlying material.

The Moore Cumulative Curve Method of depth determination indicates a graphical treatment of
data from this test procedure.24 The assumption is made that equipotential hemispheres with a radius
A are established around each current electrode (C1 and C2) (see Figure 10.13). Every point on the
surface of the hemisphere has the same potential. By placing the potential electrodes P1 and P2 at
points on the surface where these hemispheres intersect the ground surface, it is possible to measure
a potential drop that applied equally well at a depth A below the surface. As the electrode system is
expanded to involve greater depth, the bottom of the hemispherical zones may involve a layer of
differing electrical resistivity, which produces a trend towards lower or higher resistivity and gives an
indication of depth to the layer producing the resistivity change. The resistivity values are plotted
against electrode spacing or depth as shown by the dashed-line curve of Figure 10.14. The solid line
curve is a cumulative plotting of the data. The first point is the same value as the first point of the
dashed-line curve plotted to a condensed scale. The second point is the sum of the resistivities for the
first and second point, etc. Using a constant increment of depth throughout, the solid-line curve
constitutes a graphical integration of the dashed-line curve. Straight lines drawn through the plotted
points in the vicinity of a rend in the dashed-line curve intersect to give the depth to the subsurface
layer producing the trend. Other intersections obtained in the cumulative curve were discounted as
not being significant in the analysis, in the absence of additional recognizable trends in the dashed-
line curve (see expanded scale dashed-line curve in Figure 10.14). 

The Pennsylvania Department of Transportation built a modified version of this equipment.25 The
number of probes was increased from 4 to 48, spaced 1 in. apart. By use of a resistivity bridge read out
device and push-button switches, spacing can be selected automatically, instead of physically moving the
probes. As a result the instrument is capable of reading to a depth of 15 in. in approximately 5 min., one
quarter the time required by the original instrument. An analysis of field data indicates at least 15
determinations are required per test area to provide a mean value no more than 1/4 in. greater than the
average measured thickness.25 Concern about the determination of the inflection point were allayed by
a comparison among different operators. A comparison of three operators showed no significant differ-
ence at the 95% confidence level. 

FIGURE 10.14  Earth resistivity test of reinforced concrete pavement on cement treated base. (Adapted from
Reference 24.)
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10.3.4.4 Electrical Resistance Probe for Reinforcement Corrosion

This technique is based on electrical resistance measurements on a thin section of in situ reinforcement.22

Its resistance is inversely proportional to its thickness; as the thin slice is gradually consumed by corrosion
it becomes thinner with a corresponding increase in resistance. As indicated in Figure 10.15, to facilitate
measurements the probe is incorporated into a Wheatstone bridge network. One are of the probe is
protected from corrosion while the other arm is the inplace portion of the reinforcement. The measured
resistance ratio can be used to monitor the corrosion rate.

(10.10)

where
R = the resistance of the inplace specimen

= the resistivity of the inplace specimen
� = the length of the inplace specimen

W = the width of the inplace specimen
A = the cross-sectional area of the inplace specimen
t = the thickness of the inplace specimen and 

K is a constant, therefore

(10.11)

where
RT = the resistance of the exposed arm
RR = the resistance of the protected arm
tT = the thickness of the specimen in the exposed arm
tR = the thickness of the specimen in the protected arm

K*, KT , and KR = constants
initially tT = tR, and

(10.12)

during an exposure period of “a” years.

FIGURE 10.15  Basic circuit for electrical resistance probe technique.
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where
tT = the initial thickness of the exposed arm at a = 0, and
tT = the thickness of exposed arm after exposure of “a” years.

Changes in temperature are automatically taken into account because both arms of the probe are
located at the same place and are consequently exposed to the same temperature profile. In practice, the
thickness of the specimens in the arms of the probe are in the range of 50 to 500 mm. The thinner the
probe the shorter the life but the greater its sensitivity. The probes and AC bridge network can be made
up in an electronics laboratory and are also available commercially.

The only significant disadvantages are the need for positioning the exposed arm of the probes during
construction and the concerns of associated sampling techniques required for locating the probes in large
structures subject to localized corrosion.

10.3.4.5 Half-Cell Potential Measurements

The measurement of electrode potential of steel reinforcement is made using the experimental arrange-
ment shown in Figure 10.16. An electrical connection is made to the reinforcement at a convenient
position enabling electrode potentials to be measured at any desired location by moving the half cell over
the concrete surface in an orderly manner. The surface of the concrete being investigated is usually divided
up into a grid system. The results can then be plotted in the form of an equipotential contour diagram
(Figure 10.17).26–29 The reinforcement in a structure is usually electrically continuous so that only one
electrical connection is needed, but if there is a doubt over electrical continuity additional connections
can be made or continuity tested. The potential difference between the reinforcement and the half cell
is measured using a high impedance voltmeter. The two most commonly used half cells are the saturated
calomel electrode and the saturated copper/copper sulfate electrode (CSE). The latter is more durable
and has had considerable use.26–29 It is described in detail in ASTM Test Method C876.29

The value of the potential measured is used to estimate the likelihood of corrosion but cannot indicate
the corrosion rate.23 The interpretations of these potentials varies with investigator and agency.26–30

Generally accepted values representing corroding and noncorroding conditions are given in ASTM
C876.29

1. If potentials over an area are more positive than –0.20 V CSE, there is greater than 90% probability
that no reinforcing steel corrosion is occurring.

2. If potentials over an area in the range of –0.20 to –0.35 V CSE, corrosion activity of the reinforcing
steel in that area is uncertain. 

FIGURE 10.16  System for measuring electrode potential of reinforcement.
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3. If potentials over an area are more negative than –0.35 V CSE, there is a greater than 90%
probability that reinforcing steel corrosion is occurring in that area.

Positive readings, if obtained, generally indicate a poor connection with the steel, insufficient moisture
in the concrete, or the presence of stray currents and should not be considered valid.

According to ASTM C876, the difference between two half-cell readings taken at the same location
with the same cell should not exceed 10 mV when the cell is disconnected and reconnected. The difference
between two half-cell readings taken at the same location with two different cells should not exceed 20
mV. The chief limitation is that it does not give information about the rate of corrosion.

10.3.4.6 Polarization Resistance and Reinforcement Corrosion

The National Bureau of Standards has developed a prototype portable system for measuring the corrosion
rate of steel in concrete bridge decks.18,31,32 A small, portable computer system is used to control the
measurement of polarization resistance of steel in concrete. The polarization resistance is used to compute
the corrosion current, which indicates the rate at which the steel is corroding. The polarization technique
employs a three electrode system having the steel specimen as one electrode, a voltage reference as a
second electrode, and a counter electrode as a third electrode from which polarizing current is applied
to the specimen. The circuit used for these measurements is that of Holler,33 which incorporates a
Wheatstone bridge for iR compensation as illustrated in Figure 10.18.32 The iR error is an error that
arises when potential measurements are made in the presence of an electric current in a resistive medium.

The NBS equipment was successfully used on three bridge decks. Ongoing studies are assessing the
reliability and accuracy of the data obtained in the field. 

FIGURE 10.17  Equi-potential contour map. (From Van Deveer, J.R., J. Am. Concr. Inst., Proc. V. 72, No. 12, 699,
1975. With permission.)
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A critical step in selecting the most appropriate repair strategy for a distressed concrete structure is to
determine the corrosion status of reinforcing bars. Because of the complexity of the corrosion process,
it is prudent to involve personnel who are experienced in the corrosion of steel in concrete. The corrosion
engineer may employ a variety of tools to help make an assessment of the corrosion conditions. This
chapter provides an overview of the corrosion of steel in concrete and presents some nondestructive
electrochemical tools that are commonly used in corrosion investigations. The objective is to provide the
basic information to allow effective communication with the corrosion engineer. Electrochemical prin-
ciples involved in the corrosion of steel in concrete are reviewed. Subsequently, the half-cell potential
method, the concrete resistivity test, and the linear polarization method are discussed. The principles of
operation and the inherent limitations of these methods are emphasized.

11.1 Introduction

The corrosion of ordinary steel is inevitable. This is because, under atmospheric conditions, the iron in
the steel is unstable and there is a natural tendency for it to revert to a more stable state, which is iron
oxide.1 To understand why there is this tendency, consider how steel is produced. First, the iron ore,
which contains iron oxide, is mined. The ore is processed by using a large amount of energy to separate
the iron from the ore. This is done in the blast furnace, and the resulting material is an impure form of
iron called pig iron. The pig iron, which contains large amounts of carbon, is refined by removing the
majority of the impurities and adding small amounts of other alloying elements to improve the mechan-
ical properties of the resulting steel. The energy used in the production process results in a material that
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is in a higher energy state at room temperature than the iron ore from which it came. The laws of
thermodynamics dictate that materials have a tendency to revert to the lowest energy state that is in
equilibrium with the environment. For iron at ordinary atmospheric conditions, the lowest energy state
is as an oxide, that is, a type of rust. Thus, the presence of atmospheric oxygen provides the necessary
ingredient to form the iron oxide. At ordinary temperatures, the transformation is very slow, but if water
is also present, the transformation proceeds rapidly, and the iron turns to rust.

The above-simplified explanation is intended to point out that it is not surprising that steel corrosion
is a widespread problem. In the case of reinforcing steel in concrete structures, the objective is to prevent
the onset of corrosion for the design life of the structure, which differs depending on the type of structure.
For ordinary buildings, 50 years may be a reasonable expectation. For other monumental structures,
such as long-span bridges, hundreds of years may be desirable. Thus, the goal of the construction team
is to design a structure, and to build it correctly, so that it will have a good chance of reaching the design
life.

Fortunately, steel in concrete develops a protective oxide film that provides a barrier to the transfor-
mation of the iron to rust. The passive oxide is similar to the “mill scale” that forms on hot rolled steel
when it cools to room temperature. It is well known that the mill scale provides a protective barrier to
steel. The oxide, however, is brittle and is easily removed, as evidenced by the rapid corrosion of the bent
portions of reinforcing bars. In reinforced concrete, a passive oxide coating forms because of the alkaline
conditions (high pH, normally about 12.5) in the pores of the cement paste.2,3 There are two major causes
for the breakdown of the passive oxide coating: carbonation and the presence of chloride ions.

Carbonation refers to reactions between carbon dioxide and alkalis in the pore solution of the cement
paste.2,3 Typical reactions are as follows:

(11.1)

(11.2)

As a result of these reactions, the pH of the pore solution decreases (even below a value of pH 9), and
conditions are no longer favorable for maintaining the passive coating on the reinforcing steel. The steel
becomes susceptible to corrosion. The penetration of the “carbonation front” depends on the quality of
the cover concrete (water cement ratio and degree of hydration) and the degree of saturation of the
pores in the cement paste. The rate of penetration is low for dry concrete and for saturated concrete,
and it is a maximum when the concrete is in equilibrium with ambient relative humidities between about
40% and 80%.3

The presence of chloride ions also breaks down the passive coating. The exact mechanism for this
breakdown is not known with certainty,4 but it is known that it happens when the chloride ion content
reaches a “threshold value.” As pointed out by Rosenberg et al.,3 there are many factors that affect the
threshold chloride ion concentration, such as the following:

• Mixture proportions
• Type of cement
• Water cement ratio
• Sulfate content
• Curing conditions, age, and environmental history of the concrete
• Whether the concrete is carbonated
• Temperature and degree of saturation of the concrete
• Physical conditions of the steel surface

For this reason, there is no single minimum value of chloride ion concentration that will break down
the passive film. In the United States, the general guideline is 0.2% of acid-soluble chloride by mass of
cement,5 but others suggest a higher level of 0.4%.6 The term acid-soluble refers to the chloride ion content

Ca(OH) CO CaCO H O2 2 3 2
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measured when the sample is prepared by acid dissolution. There is controversy over whether the
threshold value should be based on “acid-soluble” or “water-soluble” chlorides.

Electrochemical methods are used to evaluate corrosion activity of steel reinforcement. As is the case
with other nondestructive test (NDT) methods, an understanding of their underlying principles and
inherent limitations is needed to obtain meaningful results. In addition, an understanding of the factors
involved in the corrosion of steel in concrete is essential for reliable interpretation of data from this type
of testing. This chapter provides basic information about three commonly used methods:

1. Half-cell potential
2. Concrete resistivity
3. Polarization resistance

The science of corrosion is complex, and, unfortunately, it is not covered in the typical civil engineering
curriculum. As a result, practicing engineers involved in repair of concrete may lack the basic knowledge
for understanding the underlying principles of NDT methods used to assess corrosion activity in concrete.
Therefore, before describing the test procedures, we provide a brief discussion of the principles of
corrosion. The presentation is greatly simplified to permit explanation of the basic concepts. Readers
should consult other references for additional information on the electrochemistry of corrosion and the
factors affecting corrosion of steel in concrete.3,5,7 10

11.2 Principles of Corrosion

11.2.1 Electrolytic Cell

Corrosion is an electrochemical process, which means that it involves chemical reactions (gain and loss
of electrons) and electrical current (motion of charges through a conductor). The classic approach for
understanding the mechanism of corrosion is to consider the operation of an electrolytic, or galvanic,
cell.11 An electrolytic cell is a system involving two electrodes and two types of chemical reactions, one
of which supplies electrons and the other that consumes electrons. To maintain electrical neutrality and
sustain the chemical reactions, electrical charge transfer occurs through external and internal pathways
connecting the two electrodes where these reactions take place. Electrons flow through the external
connection and ions flow between the two solutions surrounding the electrodes.

Figure 11.1 illustrates the basic components of an electrolytic cell. One metal electrode is immersed
in an ionic solution containing the positive ions of the metal. The other electrode is made of a different
metal immersed in an ionic solution containing the positive ions of that metal. For simplicity, this example
uses two metals for the electrodes, so that the electrode reactions involve metal atoms and ions. The
electrode reactions, however, do not have to involve the actual electrode materials. The electrodes are
connected externally by an electrical conductor. There is also an internal connection (salt bridge) that
permits movement of ions between the two solutions. One electrode is the anode where a half-cell
oxidation reaction occurs, by which the electrode material dissolves and enters solution as positive ions
leaving behind electrons. This anodic reaction can be written as follows:

A An+ + ne (11.3)

where A represents an atom, An+ is a positively charged ion, and e represents an electron. Thus, each
atom of material A loses n electrons as it enters solution as a positively charged ion. This is the corrosion
reaction for the cell.

The other electrode is the cathode and a half-cell reduction reaction occurs on its surface. The cathodic
reaction involves the combination of electrons with positive ions in the solution to produce atoms that
deposit on the electrode. The cathodic reaction can be represented as follows:



Bn+ + ne B (11.4)

As a result of these two reactions, there is an increase in positive ions in the solution containing the
anode and a depletion of positive ions in the solution containing the cathode. To sustain the half-cell
reactions, there must be a connection between the two solutions so that electrical neutrality is maintained.
In this case there would be a flow of positive ions from the anodic half-cell to the cathodic half-cell.

If a conductor does not connect the electrodes, there is no net corrosion of the cathode and no net
deposition at the cathode. The word net is used, because at both electrodes some atoms enter solution
and some are deposited, but the rates are equal so that there is no net change at the electrodes. The rate
at which the atoms are dissolved and deposited on the electrode at its equilibrium condition defines the
equilibrium exchange current, which is a misnomer since the net current is actually zero.8

In summary, an electrolytic cell can be two electrodes made of dissimilar metals immersed in ionic
solutions (electrolytes). The electrodes are connected externally by an electrical conductor and there is
a means for ionic transfer between the electrolytes. The anode is consumed (corrodes) and reaction
products are deposited on the cathode.

11.2.2 Electrical Potential

The ease with which the half-cell reactions occur is governed by their half-cell potentials, which are
measured in volts. These potentials affect how vigorously the anode corrodes when the external circuit
is completed. Half-cell potentials are usually expressed for the oxidation reaction; that is, they represent
the ease with which atoms will give up electrons and enter solution as positive ions. A half-cell potential
cannot be measured for a single electrode; therefore, it is referenced to the potential of a standard
reduction reaction in which hydrogen ions gain electrons to form hydrogen gas.12 The half-cell potential
depends on the ionic concentration of the solution in which the electrode is immersed and on the
temperature of the solution. Standard half-cell potentials are measured for unit concentrations of the
solutions at a standard temperature. The more negative the value of the standard half-cell potential, the
greater is the tendency of the metal to lose its electrons, that is, to corrode.

Suppose that the external circuit in Figure 11.1 is replaced with a high-impedance voltmeter, which
means that there is no current in the external circuit. This is referred to as the open-circuit condition.
The voltmeter reads a voltage that equals the difference between the half-cell potentials of the anodic
and cathodic reactions.11 For example, suppose one electrode is iron in a standard solution of iron ions

FIGURE 11.1  Example of an electrolytic cell; oxidation occurs at the anode and reduction occurs at the cathode.
(Adapted from Reference 11.)
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and the other electrode is zinc in a standard solution of zinc ions. The standard half-cell potential for
the oxidation of iron is –0.44 V, and the standard half-cell potential for the oxidation of zinc is –0.76 V.8

The greater negative potential for the zinc electrode means that it tends to give up its electrons more
readily than iron. If the positive terminal of the voltmeter is connected to the zinc electrode, the voltmeter
would read –0.32 V, which is the difference between –0.76 V and –0.44 V. If the positive terminal of
voltmeter had been connected to the cathode, the reading would be +0.32 V. The zinc electrode is the
anode and the iron is the cathode. If a conductor replaces the voltmeter, current (electrons) would flow
from the zinc to the iron. The zinc electrode would dissolve and iron would deposit on the iron electrode.

11.2.3 Polarization

Next, the magnitude of the current when the external circuit of an electrolytic cell is completed is
discussed. This will establish the corrosion rate of the anode. Figure 11.2A shows an electrolytic cell with
the electrodes connected to a high-impedance voltmeter. As explained above, the voltmeter would read
a voltage equal to the difference of the half-cell potentials for the electrode reactions. This is the equilib-
rium or open-circuit potential.8 When the electrodes are connected with a low-resistance material, they
will be at the same potential. The potential of the electrodes can be measured by introducing a reference
electrode and measuring the potential with a voltmeter as shown in Figure 11.2B. The measured potential
will be a value between the half-cell potentials of the electrodes. Thus, the anode will be at a more positive
potential than its half-cell potential, and the cathode will be at a more negative potential than its half-
cell potential. Thus, the current between the electrodes leads to a change from the equilibrium half-cell
potential of each electrode. This potential change is called polarization.8,13 The difference between the
equilibrium half-cell potential and the electrode potential with current is the overpotential.

Every half-cell possesses a characteristic polarization curve that represents the relationship between
overpotential and the net current into or out of the electrode. Figure 11.3 shows idealized (and simplified)
polarization curves for the anode and cathode of an electrolytic cell.3,8–10 The horizontal axis is a log
scale, so that the relationship is nonlinear in terms of actual current. In addition, the current is usually
expressed as a current density, which is the net electrode current per unit surface area of the electrode.
The points A and C correspond to the half-cell equilibrium conditions with no net current at the
electrodes, and the difference between the potential values is the equilibrium potential of the cell. The
curves show that the net current out of the anode increases as its potential is made more positive, and
the net current into the cathode increases as its potential become more negative. These polarization
curves permit the determination of the corrosion current density and the corrosion potential of the short-
circuited electrolytic cell. When the cell is in a stable condition, the net current out of the anode has to

FIGURE 11.2  Electrolytic cell: (A) with no external current, the voltmeter reads the equilibrium voltage; (B) short-
circuited cell with electrodes at same potential.
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equal the net current into the cathode. Thus, the intersection of the polarization curves defines the
corrosion potential, Ecorr, and corrosion current density, icorr, of the electrolytic cell. Note that Figure 11.3
shows both curves with equal current density at the half-cell equilibrium conditions (points A and C).
In reality, the current densities at points A and C represent the equilibrium exchange currents for the
half-cells and would not necessarily be equal.8

The corrosion current density can be converted to loss of electrode in terms of mass or thickness per
unit of time. This is accomplished by using Faraday’s law.7,14,15

In summary, when a conductor connects the anode and cathode of an electrolytic cell, corrosion occurs
at the anode. The polarization curves of the anodic and cathodic half-cell reactions are the key for under-
standing the corrosion rate of the cell. There are several ASTM standards that should be consulted for
additional information on terminology and procedures for developing these polarization curves.13,14,16,17

11.3 Corrosion of Steel in Concrete

With the above simplified explanation of an electrolytic cell, our attention can be turned to a reinforcing
bar embedded in moist concrete, as shown in Figure 11.4. The water in the pores of the paste contains
various dissolved ions and serves as the electrolyte. If the passive coating on the steel is lost, due to
carbonation or to the presence of chloride ions above the critical concentration, conditions are set up
for corrosion. Heterogeneities in the surface of the steel, such as differences in grain structure and
composition, and local differences in the electrolyte, due to the heterogeneous nature of concrete, cause
a region of the bar to act as an anode and another region to act as a cathode. Because the anode and
cathode are on the same bar, there is an electrical connection between the two. Thus, we have a short-
circuited electrolytic cell, analogous to Figure 11.2B.

At the anode, iron atoms lose electrons and move into the surrounding concrete as ferrous ions. This
process is represented by the following oxidation (or anodic) reaction:

(11.5)

The electrons flow through the bar to cathodic sites, where they combine with water and oxygen that
are present in the concrete. The reduction reaction at the cathode is represented as follows:

(11.6)

FIGURE 11.3  Polarization curves for short-circuited electrolytic cell showing stable cell potential and corrosion
current. (Adapted from Reference 3.)

P
ot

en
tia

l

Log of Current
Density

Ecorr

icorr

Equilibrium
Potential

Overpotential

Overpotential
C

A

B n+ + ne  B
Cathodic Reaction

A  An+ + ne
Anodic Reaction

Fe Fe 2e2

H O 2 O 2e 2OH2 21



To maintain electrical neutrality, the ferrous ions migrate through the pores of the paste to the cathode
where they combine with the OH– ions to form hydrated iron oxide, or rust. Thus, when the bar is
corroding, there is a flow of electrons through the bar and a flow of ions through the concrete. The
corrosion current would be governed by the polarization curves for the two half-cell reactions given above.

From the above discussion, it can be concluded that corrosion of embedded steel in concrete requires
the following conditions:

• Loss of passivation
• Presence of moisture
• Presence of oxygen

If any of these are absent, there is no corrosion. If there are limited amounts of water or oxygen,
corrosion proceeds at a slow rate. These factors are discussed further because they are important in
understanding the corrosion process.

The short-circuited electrolytic cell in Figure 11.2 has a bridge that allows unrestricted flow of ions
between the cell solutions to maintain electrical neutrality. For the bar embedded in concrete, the concrete
provides the bridge between the anode and cathode to allow the movement of ions. The pore structure
of the paste and the degree of saturation of the capillary pores control the ease with which the ions move
through the concrete. In short, the mobility of the ions is controlled by the electrical conductance of the
paste. Figure 11.5A shows an electrolytic cell in which the bridge between the solutions is replaced by a
resistor. The resistor restricts the flow of charge between the cells, and this in turn reduces the corrosion
current compared with the electrolytic cell in Figure 11.2B. The polarization curves in Figure 11.5B help
explain why the corrosion current is reduced. The driving voltage due to the difference between the half-
cell equilibrium potentials of the cathode and anode (Ec – Ea) is dissipated in polarizing the electrodes
and overcoming the electrolytic resistance of the concrete:10

(11.7)

where a and c are the overpotentials of the electrodes, R is the electrolytic resistance, and Icorr is the
corrosion current. The corrosion current is lower than the case where the resistance is zero (Figure 11.2
and Figure 11.3). Figure 11.5C shows an equivalent circuit of the corroding bar.10 The polarized electrodes
are shown as resistors and this is usually referred to as “reaction resistance.”18 If the electrolytic resistance
decreases from R1 to R2, less of the cell potential is required to overcome the electrolytic resistance, the
overpotentials increase, and the corrosion current increases.

If the amount of oxygen in the concrete is less than needed for the cathodic reaction, a condition
known as concentration polarization occurs, and the corrosion current is reduced.8 10 This is illustrated
in Figure 11.6. Because of the limited amount of oxygen for the cathodic reaction, the cathodic polar-
ization curve is no longer a linear function of the logarithm of the current density. Instead, there is a

FIGURE 11.4  Localized corrosion of steel bar embedded in concrete; iron is dissolved at anode and rust forms at
cathode.
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limiting value of the cathodic current density and the polarization curve is asymptotic as shown in Figure
11.6. The limiting current density depends on the concentration of oxygen in the paste, the diffusion
coefficient of oxygen through the paste, and other factors.9 As shown in Figure 11.6, because of concen-
tration polarization at the cathode, the corrosion current is reduced. This is why the corrosion rate of
steel in submerged concrete is very low. The low concentration of oxygen limits the cathodic current
density, and thereby limits the corrosion current between anodic and cathodic sites. Note that the
corrosion potential shifts to a more negative value, but the corrosion current is reduced compared with
the conditions represented by Figure 11.2. This is important in the interpretation of half-cell potential,
as discussed in the next section.

FIGURE 11.5  (A) Electrolytic cell analogy of corroding steel bar in concrete; (B) polarization curves showing
effect of concrete resistance (ohmic polarization); (C) equivalent electric circuit of corroding bar. (Adapted from
Reference 10.)

FIGURE 11.6  Polarization curves to illustrate concentration polarization; the corrosion current is limited by the
rate of the cathodic reaction.
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In summary, when steel in concrete loses its passive layer, corrosion occurs due to naturally occurring
anodic and cathodic sites. However, the rate of corrosion depends on the electrical resistance of the
concrete surrounding the anodic and cathodic sites and on the availability of oxygen. If the paste has
low porosity, the resistance will be high, the oxygen diffusion coefficient will be low, and the corrosion
rate will be low. 

Tutti2 provided a conceptual model to represent the service life of a reinforced concrete structure that
is susceptible to steel corrosion. Figure 11.7 shows the degree of corrosion as a function of time. During
the initiation period, there is no corrosion, but chloride ions or the carbonation front penetrates from
the surface to the reinforcement. When the steel loses its passive layer, the propagation phase begins and
the degree of corrosion increases rapidly with time. The rate of corrosion during the propagation phase
is affected by the factors listed above. The service life is denoted by the time when the degree of corrosion
has reached a level where the strength or serviceability of the structure is reduced below a critical level.
The dashed line in Figure 11.7 represents a structure with a longer service life because of a longer initiation
period and reduced rate of corrosion during the propagation phase. With this simple model, it is easy
to explain why increased concrete cover and low water–cement-ratio concrete are two effective means
for increasing service life.

11.4 Half-Cell Potential Method

Now that some of the basic principles underlying corrosion of steel in concrete have been reviewed, our
attention can be turned to the methods that can be used to assess the corrosion conditions in a reinforced
concrete structure. When there is active corrosion, current flow (in the form of ion migration) through
the concrete between anodic and cathodic sites is accompanied by an electric potential field surrounding
the corroding bar (Figure 11.8). The equipotential lines intersect the surface of the concrete and the
potential at any point can be measured using the half-cell potential method. By mapping equipotential
contours on the surface, those portions of the structure where there is a high likelihood of corrosion
activity are identified by their high negative potentials.18 20

The standard test method is given in ASTM C 87621 and is illustrated in Figure 11.8. The apparatus
includes a copper–copper sulfate half-cell, connecting wires, and a high-impedance voltmeter. This half-
cell is composed of a copper bar immersed in a saturated copper sulfate solution. It is one of many half-
cells that can be used as a reference to measure the electrical potential of embedded bars. The measured
voltage depends on the type of half-cell, and conversion factors are available to convert readings obtained
with other references cells to the copper–copper sulfate half-cell. The positive terminal of the voltmeter
is attached to the reinforcement and the negative terminal is attached to the copper–copper sulfate half-
cell. A high impedance voltmeter (normally greater than 10 M ) is used so that there is very little current
through the circuit. As shown in Figure 11.8, the copper–copper sulfate half-cell makes electrical contact

FIGURE 11.7  Model proposed by Tutti2 to represent corrosion process of steel in concrete.
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with the concrete by means of a porous plug and a sponge that is moistened with a wetting solution
(such as liquid detergent). Figure 11.9 shows an example of a computer-based device for making half-
cell potential measurements. This particular instrument stores data acquired at different test points and
displays equipotential contours.

If the bar were corroding, the excess electrons in the bar would tend to flow from the bar to the half-
cell. Because of the way the terminals of the voltmeter are connected in the electrical circuit shown in
Figure 11.8, the voltmeter indicates a negative voltage (see ASTM G 316 for standard conventions related
to electrochemical measurements). The measured half-cell potential is the open-circuit potential, because

FIGURE 11.8  Apparatus for half-cell potential method described in ASTM C 87621 to measure surface potential
associated with corrosion current.

FIGURE 11.9  Example of half-cell potential apparatus. (Courtesy of Proceq SA.)
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it is measured under the condition of no current in the measuring circuit (ASTM G 1513). A more negative
voltage reading at the surface is interpreted to mean that the embedded bar has more excess electrons,
and there is, therefore, a higher likelihood that the bar is corroding.

The half-cell potential readings are indicative of the probability of corrosion activity of the reinforcing
steel located beneath the copper–copper sulfate reference cell.22 However, this is true only if that rein-
forcing steel is electrically connected to the bar attached to the voltmeter. To assure that this condition
exists, electrical resistance measurements between widely separated reinforcing bars should be carried
out (ASTM C 87621). This means that access to the reinforcement has to be provided. The method cannot
be applied to concrete with epoxy-coated reinforcement or concrete with coated surfaces.

Testing is usually performed at points arranged in a grid. The required spacing between test points
depends on the particular structure. Excessive spacing can miss points of activity or provide insufficient
data for proper evaluation, while closer spacing increase the cost of the survey. In surveying bridge decks,
ASTM C 87621 recommends a spacing of 1.2 m. If the differences in voltages between adjacent points
exceed 150 mV, a closer spacing is suggested. However, others have suggested that spacing should be
about one-half of this value to obtain a reliable assessment of the extent of the corrosion.23 Test equipment
are available that include multiple cells and wheeled apparatus to speed data collection at close spacing.

A key aspect of the test is to assure that the concrete is sufficiently moist to complete the circuit
necessary for a valid measurement. If the measured value of the half-cell potential varies with time, pre-
wetting of the concrete is required and ASTM C 87621 provides two approaches for doing this. When
pre-wetting is necessary, there should be no free surface water between test points at the time of potential
measurement. The concrete is sufficiently moist if the measured potential at a test point does not change
by more than 20 mV within a 5-min period (ASTM C 87621). If stability cannot be achieved by pre-
wetting, it may be because of stray electrical currents or excessive electrical resistance in the circuit. In
either case, the half-cell potential method should not be used. When testing is performed outside of the
range of 17 to 28°C, a correction factor (see ASTM C 87621) is applied to the measured voltages.

11.4.1 Data Analysis

According to ASTM C 876,21 half-cell potential readings should be used in conjunction with other data, such
as chloride content, depth of carbonation, findings of delamination surveys, and the exposure conditions, to
formulate conclusions about corrosion activity. Data from a half-cell potential survey can be presented in
two ways: (1) as an equipotential contour map or (2) as a cumulative frequency diagram. Irrespective of the
presentation method, reports of potential surveys must indicate clearly the reference electrode that was used.

The equipotential contour map is used most often to summarize survey results. It is created by locating
the test points on a scaled plan view of the test area. The half-cell voltage readings at each test point are
marked on the plan, and contours of equal voltage values are sketched. Figure 11.10 is an example of an
equipotential contour map adapted from ASTM C 876. The contour interval should not exceed 100 mV.
Computer-based test equipment is available to generate these contour maps.

The cumulative frequency diagram is obtained by plotting the potential data on normal probability
paper, according to the procedure in ASTM C 876, and drawing the best-fit straight line through the
data. The cumulative frequency diagram is used to determine the percentage of half-cell potential readings
that are more negative than a certain value, and can be used to identify those potential values associated
with different levels of corrosion activity.18

According to ASTM C 876,21 two techniques can be used to evaluate the results: (1) the numeric
technique or (2) the potential difference technique. In the numeric technique, the value of the potential
is used as an indicator of the likelihood of corrosion activity. The appendix of ASTM C 87621 gives the
following guidelines (for the copper–copper sulfate reference electrode):

• If the potential is more positive than –200 mV (relative to the copper–copper sulfate half-cell),
there is a high likelihood that no corrosion is occurring at the time of the measurement.

• If the potential is more negative than –350 mV, there is a high likelihood that there is active
corrosion.



• Corrosion activity is uncertain when the voltage is in the range of –200 to –350 mV.

However, it is stated that, unless there is positive evidence to suggest their applicability, these numeric
criteria should not be used in the following conditions:

• Carbonation extends to the level of the reinforcement
• Evaluation of indoor concrete that has not been subjected to frequent wetting
• Comparison of corrosion activity in outdoor concrete with highly variable moisture or oxygen

content
• To formulate conclusions about changes in corrosion activity due to repairs which changed the

moisture or oxygen content at the level of the steel

The above precautions are recommended because of the importance of concrete resistivity and oxygen
availability on actual corrosion rates. Figure 11.11 illustrates the generally poor correlation between half-
cell potential and corrosion current density as measured by the polarization resistance method to be
described.24 As will be discussed, a corrosion current density less than 0.1 A/cm2 has been suggested as
indicative of negligible corrosion and a value greater than 1 A/cm2 as indicative of high corrosion. Figure
11.11 shows that strict application of the limits suggested in ASTM C 87621 can lead to incorrect inferences
about the true corrosion activity.

FIGURE 11.10  Example of equipotential contours from half-cell potential survey. (Based on Reference 21.)

FIGURE 11.11  Comparison of corrosion current density (icorr) with half-cell potential. (Adapted from Reference 24.)
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In the potential difference technique, the areas of active corrosion are identified on the basis of the
potential gradients. In the equipotential contour plot, the close spacing of the voltage contours indicates
regions of high gradients. Some practitioners use the change in potential over a given surface area as an
indicator of active corrosion, such as a change greater than 100 mV over 5 m2. It is generally accepted
that the potential difference technique is more reliable for identifying regions of active corrosion than is
the use of numerical limits.18,19,25 27

11.4.2 Limitations

As has been stated, valid potential readings can be obtained only if the concrete is sufficiently moist, and
the user must understand how to recognize when there is insufficient moisture for a meaningful measure-
ment. In addition, there are several factors that can affect the magnitude of the potentials so that they are
not indicative of the true corrosion conditions.18 20 For example, a surface layer with high resistance results
in less negative surface potentials; this can mask underlying corrosion activity. On the other hand, cathodic
polarization due to the lack of oxygen results in more negative potentials (see Figure 11.6), while the actual
corrosion rate is reduced. Increasing cover tends to result in similar surface potential readings irrespective
of the underlying differences in corrosion activity.

Because of the many factors that have to be considered in this type of corrosion testing, a corrosion
specialist is recommended to properly interpret half-cell potential surveys under one of the following
conditions (ASTM C 87621):

• The concrete is saturated with water.
• The concrete is carbonated to the depth of the reinforcement.
• The steel is coated (galvanized).

Potential surveys should be supplemented with tests for carbonation and soluble chloride ion content.
Finally, it needs to be made clear that the results of a potential survey are indicative of corrosion activity
at the particular time of testing, and the activity can be expected to change with changes in environmental
conditions.

11.5 Concrete Resistivity

The half-cell potential method provides an indication of the likelihood of corrosion activity at the time
of measurement. It does not, however, furnish direct information on the rate of corrosion of the rein-
forcement. As has been discussed, after a bar loses its passivity, the corrosion rate depends on the
availability of oxygen for the cathodic reaction. It also depends on the electrical resistance of the concrete,
which controls the ease with which ions migrate through the concrete between anodic and cathodic sites.
Electrical resistance, in turn, depends on the microstructure of the paste and the moisture content of the
concrete. Thus, a useful test in conjunction with a half-cell potential survey is the measurement of the
resistivity of the concrete. The resistivity is numerically equal to the electrical resistance of a unit cube
of a material and has units of resistance (in ohms) times length.28 The resistance R of a conductor of
area A and length L is related to the resistivity as follows:

(11.8)

There is no ASTM test method for measuring the in-place resistivity of concrete. One technique that
has been used successfully is shown in Figure 11.12.28 30 This is based on the classical four-electrode
system described by Wenner,31 which has been incorporated into a standard test method for measuring
soil resistivity (ASTM G5732). The four equally spaced electrodes are electrically connected to the concrete
surface by using, for example, a conducting cream.29 The outer electrodes are connected to a source of
alternating current, and the two inner electrodes are connected to a voltmeter. The “apparent” resistivity
is given by the following expression:29,31

R
L

A



(11.9)

The word apparent is used because Wenner derived Equation 11.9 under the assumption that the
material is semi-infinite and homogeneous. Thus, the relationship gives the correct measure of resistivity
when these assumptions are satisfied. Any deviations from Wenner’s assumptions lead to differences
between the calculated “apparent” resistivity and the true resistivity of the material.29

Millard et al.29 have carried out experimental and analytical studies to establish the magnitudes of
the errors between the apparent and true resistivities when Equation 11.9 is applied to a finite-sized
concrete member. One variable to consider is the minimum electrode spacing. Because concrete is
made of paste and aggregates, which have different resistivities, the spacing should be large enough
so that a representative average resistivity of concrete is measured. The minimum spacing depends on
the maximum size of coarse aggregate: the larger the aggregate, the greater is the required minimum
spacing. The spacing also determines the depth of the material that affects the measurements. The
greater the spacing, the greater is the depth of concrete that contributes to the measurements. If the
member is too shallow relative to the electrode spacing, there are boundary effects and the Wenner
relationship is not a good approximation. Figure 11.13 shows an example of a four-probe device for
measuring concrete resistivity.

Based on their studies, Millard et al.29 recommend an electrode spacing of 50 mm as sufficient for
typical concrete mixtures, and the width and depth of the member should be at least four times the
electrode spacing. In addition, the edge distance should not be less than twice the electrode spacing.
When these minimum dimensions are not satisfied, the apparent resistivity calculated by Equation
11.9 will exceed the true resistivity. Other factors that affect the calculated resistivity are the presence
of a thin surface layer of low-resistivity concrete and the presence of reinforcing bars. Both of these
conditions will result in an apparent resistivity that is lower than the true value. The effect of reinforcing
bars is related strongly to the depth of cover and less so to the bar diameter. If possible, resistivity
measurements should be conducted midway between two bars. When depth of cover is low and bar
spacing is small, it may be possible to apply a correction factor if the diameter and location of the
reinforcement are known.29

FIGURE 11.12  Four-probe resistivity test. (Adapted from Reference 30.)
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Another technique for measuring resistivity is incorporated into one of the linear polarization devices
to be described in the next section.33 A special probe is used to measure ambient temperature, ambient
relative humidity, and concrete resistivity in conjunction with the measurement of polarization resistance.
In this case, the resistance measurement is affected by the concrete between the reinforcing bar and the
point on the surface where the probe is located. The author is not aware of publications on comparisons
of the resistivities measured by the four-electrode device and this single-probe device. The developers of
the single-probe device offer the recommendations shown in Table 11.1 for relating concrete resistivity
to the risk of corrosion.24 On the other hand, Bungey30 quotes the guidelines shown in Table 11.2. The
dissimilarity of the entries in these tables emphasizes the need for a better understanding of the relation-
ship between concrete resistivity and corrosion risk when reinforcement has lost its passivity. 

FIGURE 11.13  Example of commercial apparatus to measure concrete resistivity. (Courtesy of Proceq SA.)

TABLE 11.1 Relationship between Concrete Resistivity and Corrosion Risk

Resistivity, k · cm Corrosion Risk

>100 to 200
50 to 100
10 to 50
<10

Negligible corrosion; concrete is too dry
Low corrosion rate
Moderate to high corrosion rate when steel is active
Resistivity does not control corrosion rate

Source: Feliú, S. et al., in Techniques to Assess the Corrosion Activity of Steel
Reinforced Concrete Structures, ASTM STP 1276, N.S. Berke et al., ASTM, West
Conshohocken, PA, 1996, 107. 

TABLE 11.2 Relationship between Concrete 
Resistivity and Likelihood of Significant Corrosion

Resistivity, k · cm
Likelihood of Significant Corrosion

(Nonsaturated Concrete)

>20
10 to 20
5 to 10
<5

Low
Low/moderate
High
Very high

Source: Bungey, J.H., Testing of Concrete in Structures,
2nd ed., Chapman & Hall, New York, 1989. 



Figure 11.14 shows the relationship between concrete corrosion rate (measured as explained in the
next section) and concrete resistivity.24 In comparison with Figure 11.11, it is evident that, when steel
loses its passivity, concrete resistivity correlates with corrosion rate better than does half-cell potential.

In summary, measurement of concrete resistivity provides additional information to assist in assessing
the likelihood of different levels of corrosion activity. It is a useful supplement to a half-cell potential
survey. A high resistivity indicates that, even though the steel is actively corroding as determined from
the potential survey, the corrosion rate may be low. As mentioned, the resistivity of concrete is related
to the ease with which ions can migrate through the concrete under the action of the potential field
surrounding anodes and cathodes. The resistivity increases as the capillary pore space in the paste is
reduced. This explains why high-quality concrete is of such critical importance for long service life under
corrosion-inducing conditions.

11.6 Polarization Resistance

To overcome a major drawback of the half-cell potential method, namely, that it does not indicate directly
the corrosion rate, several approaches have been investigated for measuring the in-place corrosion rate.34

Among these methods, the linear polarization resistance method appears to be gaining the most
acceptance35 and draft standard test methods have been proposed.36 This section provides an overview
of the method, but it is emphasized that a qualified corrosion engineer should be retained to assure
meaningful results.

11.6.1 Principle

The polarization resistance technique is a well-established method for determining corrosion rate by
using electrolytic test cells (ASTM G 5917). The technique basically involves measuring the change in the
open-circuit potential of the short-circuited electrolytic cell when an external current is applied to the
cell. For a small perturbation about the open circuit potential, there is a linear relationship between the
change in voltage, E, and the change in applied current per unit area of electrodes, i. This ratio is
called the polarization resistance, Rp:

FIGURE 11.14  Comparison of corrosion current density (icorr) and resistivity from field measurements. (Adapted
from Reference 24.)
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(11.10)

Because the current is expressed per unit area of electrode that is polarized, the units of Rp are ohms
times area. It has been pointed out that Rp is not a true resistance in the usual sense of the word,37 but
the term is widely used (ASTM G 1513).

Stern and Geary38 established the underlying relationships between the corrosion rate of the anode
and the polarization resistance. No attempt is made to explain these relationships other than to state that
they are derived from the slopes of the anodic and cathodic polarization curves (refer to Figure 11.3).
The corrosion rate (expressed as corrosion current density, i.e., current per unit area) is inversely related
to the polarization resistance (ASTM G 5917):

(11.11)

where
icorr = corrosion current density, ampere/cm2

B = a constant, V
Rp = polarization resistance, ohms · cm2

The constant B is a characteristic of the polarization curves and a value of 26 mV is commonly used for
steel that is actively corroding in concrete.39

11.6.2 Instrumentation

The basic apparatus for measuring the polarization resistance of reinforcing bars in concrete is the three-
electrode system shown in Figure 11.15.40,41 This basic configuration is often referred to as a “3LP” device,
because it involves three electrodes. One electrode is composed of a reference half-cell, and the reinforce-
ment is a second electrode called the working electrode. The third electrode is called the counter electrode,
and it supplies the polarization current to the bar. Supplementary instrumentation measures the voltages
and currents during different stages of the test. Such a device can be operated in the potentiostatic mode,
in which the current is varied to maintain constant potential of the working electrode; or it can be
operated in the galvanostatic mode, in which the potential is varied to maintain constant current from
the counter electrode to the working electrode.

A summary of the main steps for using the 3LP device to measure polarization resistance in the
potentiostatic mode is as follows:36

• Make an electrical connection to the reinforcement (the working electrode).
• Locate the bar whose corrosion rate is to be measured, wet the concrete surface, and locate the

device over the center of the bar.
• Measure the open-circuit potential, Eo, of the reinforcement relative to the reference electrode, i.e.,

measure the half-cell potential (Figure 11.15A).
• Measure the current from the counter electrode to the working electrode that is necessary to

produce a –4 mV change in the potential of the working electrode (Figure 11.15B).
• Repeat the previous step for different values of potential, namely, –8, and –12 mV beyond the

corrosion potential. 
• Calculate the area of bar that is affected by the measurement.
• Plot the potential vs. the current per unit area of the bar, and determine the slope of the best-fit

straight line. This is the polarization resistance.

An uncertainty in obtaining the polarization resistance by the above procedure is the area of the steel
bar that is affected by the current from the counter electrode. In the application of the 3LP device, it is

R
E
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i
B
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assumed that current flows in straight lines perpendicular to the bar (working electrode) and the counter
electrode. Thus, the affected bar area is taken as the bar circumference multiplied by the length of the
bar below the counter electrode. Numerical simulations of current flow, however, show that the above
assumption is incorrect and that the current lines are not confined to the region directly below the
counter electrode.35,39 In an effort to better control the current path from the counter electrode to the
bar, a device has been developed that includes a fourth electrode, called a guard or auxiliary electrode,
that surrounds the counter electrode.39,42,43 Figure 11.16 is a schematic of this type of corrosion meter.
The guard electrode is maintained at the same potential as the counter electrode. As a result, the current
flowing from the counter electrode to the working electrode is confined to the region below the counter
electrode and the nonuniform lateral spreading of the current is reduced. Figure 11.17 shows the use of
a commercial linear polarization device on a structural element. 

A comparative study, involving laboratory and field tests, was conducted of three commercially avail-
able corrosion rate devices.35 Field test sites were chosen in three different environments that would
represent the range of conditions that might be encountered in practice. Measurements were made on
bridge structures at identical locations using the three devices. One of the devices was of the 3LP type
and the other two used guard electrodes. It was found that the 3LP device gave higher values of corrosion
current at the same test sites. From laboratory measurements on slabs it was concluded that the device
developed in Spain,42 which had a guard electrode, gave corrosion rates closest to the true corrosion
currents measured independently by standard polarization resistance techniques. Each device, however,
was capable of distinguishing between passive and active sites, and there were well-defined relationships
between the corrosion currents measured by the different devices. It was concluded that each device
could be used to estimate the corrosion rate in a structure. 

FIGURE 11.15  Three-electrode, linear polarization method to measure corrosion current.
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11.6.3 Limitations

The corrosion rate measured using polarization resistance represents the rate at the time of the test. The
corrosion rate at a particular point in a structure is expected to depend on several factors, such as the
moisture content of the concrete, the availability of oxygen, and the temperature. Thus, the corrosion
rate at any point in an exposed structure would be expected to have seasonal variations. Such variations
were observed during multiple measurements that extended over a period of more than 1 year.44 To
project the amount of corrosion that would occur after an extended period, it is necessary to repeat the
corrosion rate measurements at different times of the year. As suggested by Clemeña et al.,44 several
alternatives could be used to predict the future condition of the reinforcement:

• Use the maximum measured corrosion rates to obtain a conservative estimate of remaining life.
• Use the yearly average corrosion rate at a typical or the worst location in the structure.
• Use the minimum and maximum corrosion rates to estimate the range of remaining life.

The corrosion rate is calculated from the polarization resistance by the use of the constant B, which
is typically assumed equal to 26 mV. This constant, however, is related to the anodic and cathodic activity.33

Feliú et al.24 have pointed out that a value of 26 mV is reasonable for actively corroding bars, but a value
twice as large is applicable under less active conditions. Thus, there is an inherent uncertainty in the
calculated corrosion rate that can be as high as a factor of two. 

At this time, there are no standard procedures for interpreting corrosion rate measurements obtained
with different devices. As has been mentioned, different devices result in different corrosion rate values
at the same test site. Thus, current guidelines are for specific test devices. For example, based on years

FIGURE 11.16  Linear polarization technique using guard electrode to confine the current from counter electrode
to reinforcement. (Adapted from Reference 24.)

FIGURE 11.17  Example of linear polarization apparatus. (Courtesy of James Instruments, Inc.)
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of experience from laboratory and field testing, the guidelines shown in Table 11.3 have been developed
for interpreting corrosion rate measurements using the guard ring device.15,24

As has been mentioned, corrosion current densities can be converted to metal loss by using Faraday’s
law (ASTM G 10214). For example, 1 A/cm2 corresponds to about 0.012 mm/year of section loss.33 This
assumes that corrosion is occurring uniformly on the bar, which is the typical condition with carbonation-
induced corrosion. Chloride-induced corrosion, however, is associated with localized corrosion, or pit-
ting. It has been reported that the depth of local pitting may be four to eight times the average depth of
corrosion.24 This factor should be considered if the effect of section loss on structural capacity is a concern.

There are other limitations that should be considered when planning corrosion rate testing. Some of
these have been outlined in a proposed test method36 and are as follows:

• The concrete surface has to be smooth (not cracked, scarred, or uneven).
• The concrete surface has to be free of water-impermeable coatings or overlays.
• The cover depth has to be less than 100 mm.
• The reinforcing steel cannot be epoxy coated or galvanized.
• The steel to be monitored has to be in direct contact with the concrete.
• The reinforcement is not cathodically protected.
• The reinforced concrete is not near areas of stray electric currents or strong magnetic fields.
• The ambient temperature is between 5°C and 40°C.
• The concrete surface at the test location must be free of visible moisture.
• Test locations must not be closer than 300 mm to discontinuities, such as edges and joints.

In summary, testing instruments based on linear polarization resistance have been developed for
estimating the instantaneous corrosion rates. These are based on measuring the change in open-circuit
potential when a small current is applied to the reinforcing bar. The calculations make certain assumptions
about how much of the underlying bar is polarized during the test. As a result, different devices will give
different corrosion rates if testing were done at the same point. Any particular device is able to differentiate
between regions of high and low corrosion rates. It is important to understand that a corrosion rate
measurement represents the conditions at the time of the test. Changes in the factors that affect corrosion
rate, such as temperature, concrete resistivity, and oxygen availability, will change the corrosion rate.
Thus, it is difficult to extrapolate service life based on one measurement. Measurements need to be
repeated under different seasonal conditions to have an understanding of the average corrosion rate over
an extended time period.

11.7 Summary

This chapter has reviewed the principles of three nondestructive techniques that can be used to investigate
the status of corrosion in reinforced concrete members. These methods may be used to assess conditions
for the planning of concrete repairs, or they may be used for assessing the performance of a specific
repair system.

TABLE 11.3 Relationship between 
Corrosion Current Density Measured with 
Guard-Ring Device and Corrosion Risk

Corrosion Current Density, 
A/cm2 Corrosion Risk

<0.1
0.1 to 0.5
0.5 to 1
>1

Negligible
Low
Moderate
High

Source: Based on References 15 and 24.



The basics of the corrosion process have been reviewed by presenting the behavior of electrolytic cells.
The key to understanding corrosion phenomena is the polarization curve, which summarizes the net
electrode current as a function of the electrode potential. Simplified polarization curves have been used
to explain concepts such as the corrosion potential, cathodic polarization, and resistance effects. These
basic concepts were used to explain the corrosion behavior when a bar embedded in concrete loses its
protective passive film.

The three techniques covered in the chapter are half-cell potential, concrete resistivity, and polarization
resistance. Each provides distinct information related to the corrosion status. The half-cell potential
provides an assessment of the likelihood that there is active corrosion in the structure. It does not, by
itself, provide information on the corrosion rate. One of the controlling factors for corrosion rate is the
concrete resistivity, and measurement of concrete resistivity is a useful complement to the half-cell
potential survey. The polarization resistance technique allows measurement of half-cell potential along
with the actual corrosion current. The latter can be used to estimate the rate of section loss of the bar.
It is emphasized that any of these measurements represent the conditions at the time of testing. Care
must be exercised in extrapolating “one-time” measurements to estimate long-term corrosion.

Any assessment of the status of corrosion should include two additional determinations: depth of
carbonation and chloride ion profiles. The former is a relatively simple measurement. The measurement
of chloride profiles is a more involved process, and there is still debate over whether water-soluble or
total chlorides is the key parameter.

Finally, corrosion of steel in concrete is a complex and not completely understood process. Experienced
individuals should perform assessment of corrosion.
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Notation

The following symbols are used in this chapter:

A = area of electrical conductor (cm2)
B = a constant (V)

Ea = equilibrium half-cell potential of anode (V)
Ec = equilibrium half-cell potential of cathode (V)
Eo = open-circuit potential of reinforcement (V)

Ecorr = corrosion potential (V)



I = current (A)
Icorr = corrosion current (A)
icorr = corrosion current density (A/cm2)

R = resistance ( )
Rp = polarization resistance ( · cm2)

s = electrode spacing (mm)
L = length of electrical conductor (cm)
E = change in voltage (V)
i = change in current per unit area of polarized electrode (A/cm2)

a = overpotential of anode (V)

c = overpotential of cathode (V)
= resistivity ( · cm)
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Radioactive and nuclear methods can be useful analytic or diagnostic tools, but, with an exception or
two, are not widely used in concrete testing currently. The methods are based on directing radiation from
sources such as radioisotopes and X-ray generators against or through fresh or hardened concrete samples.
The radiation collected after interaction with the concrete provides information about physical charac-
teristics such as composition, density, and structural integrity.

Gamma radiometry is the most widely used method, primarily for density determinations on roller-
compacted and bridge deck concretes. Radiography is used occasionally in concrete laboratories for
studying microstructure and in the field for confirming the integrity in structural concrete. Infrequently
used, neutron-gamma techniques provide composition information on fresh or hardened concrete. The
radioactive and nuclear methods are fast and accurate, but their use has been limited by the often complex
technology involved, high initial costs, and training and licensing requirements.

Where possible, the accuracy of current magnetic and electrical apparatus is indicated.

12.1 Introduction

Radioactive and nuclear methods for testing concrete have been the subject of numerous research studies
but, with an exception or two, are not widely used. The methods are generally fast and accurate and
often provide information not available to any other means. On the other hand, their limited use is likely
due to often complex technology, high initial costs, and training and licensing requirements. Another
factor which limits the effectiveness of these, as well as many other nondestructive methods, is the
heterogeneous nature of concrete itself, whether within a small sample, across a construction site, or
from one project to another. Nevertheless, many of the radioactive and nuclear methods can be very
useful analytic or diagnostic tools, and the disadvantages cited should not be overstressed.

Terry M. Mitchell
Federal Highway Administration



The methods available use radiation produced by radioisotope sources, X-ray generators, and
nuclear reactors to bombard fresh or hardened concrete samples. The radiation that is transmitted
through, attenuated by, or emitted by the concrete is then collected and analyzed. The collected
radiation can provide information about physical characteristics such as composition, density, and
structural integrity.

12.2 General Principles

Although “radioactive” and “nuclear” have specific and distinct meanings, they are often used inter-
changeably in nondestructive testing contexts to refer to test methods that use the interaction of wave
or particle radiation with matter to supply analytic or diagnostic information about the material. (In
this chapter, the methods will be referred to, generically, as “nuclear methods.”)

The nuclear methods used to test concrete can be separated into three categories: (1) radiometry; (2)
radiography; and (3) neutron-gamma techniques. Radiometry describes techniques in which a radiation
source and a detector are placed on the same or opposite sides of a concrete sample; a portion of the
radiation from the source passes through the concrete and reaches the detector where it produces a series
of electrical pulses. When these pulses are counted, the resulting count or count rate is a measure of the
dimensions or physical characteristics, e.g., density or composition, of the concrete sample. Radiography
describes techniques in which a radiation source and photographic film (the radiation detector) are
placed on opposites sides of a concrete sample. After exposing the film, the result is a photographic image
of the sample’s interior, which is primarily used to locate defects in the concrete. Neutron-gamma
techniques, rarely used in the concrete industry, are those in which a concrete sample is irradiated with
neutrons, one type of radiation, and gamma rays, a second type, are emitted and detected. The result is
a series of counts that are a measure of the composition of the concrete.

12.2.1 Source, Interaction, and Detection

Each nuclear testing method is a system composed of a radiation source, a mode of interaction with the
concrete, and a radiation detector. A general description of each of these three components is needed
before focussing on individual nuclear techniques.

Sources generate two types of radiation, electromagnetic waves and particles. The electromagnetic
waves employed in nondestructive testing of concrete are gamma rays and X-rays. Wave radiation is
characterized by the energy it carries, usually expressed in units of electron volts, eV (or kilo electron
volts, keV, or mega electron volts, MeV). Gamma rays are emitted from reactions inside an atomic nucleus
and typically carry energies from a few keV to several MeV. X-rays are emitted from interactions outside
the nucleus among orbital and free electrons. They typically have energies from a few eV up to 100 keV,
although much higher energies can be produced in X-ray tubes. Neutrons are the only particles of interest
in concrete testing. They are uncharged particles that are also characterized by the energy they carry.
Neutrons with energies greater than 10 keV are described as “fast,” between 0.5 eV and 10 keV as
“epithermal,” and less than 0.5 eV as “slow.”

The interaction of gamma and X-rays with concrete can be characterized as penetration with attenu-
ation. That is, if a beam of gamma rays strikes a sample of concrete, some of the radiation will pass
through the sample; a portion will be removed from the beam by absorption; and another portion will
be removed by being scattered out of the beam (when gamma rays scatter, they lose energy and change
direction). If the rays are travelling in a narrow beam, the intensity I of the beam falls off exponentially
according to the relationship:

I = I0e– x (12.1)



where
Io = the intensity of the incident beam
x = the distance from the surface where the beam strikes

= the linear absorption coefficient

For the gamma and X-ray energies common in nuclear instruments used to test concrete, the absorp-
tion coefficient includes contributions from a scattering reaction, called Compton scattering, and an
absorption reaction, called photoelectric absorption. In Compton scattering, a gamma or X-ray loses
energy and is deflected into a new direction by a collision with a free electron. In photoelectric absorption,
a gamma or X-ray is completely absorbed by an atom, which then emits a previously bound electron.
The relative contributions of Compton scattering and photoelectric absorption are a function of the
energy of the incident gamma or X-rays. In concrete, Compton scattering is the dominant process for
gamma or X-ray energies in the range from 60 keV to 15 MeV, while photoelectric absorption dominates
below 60 keV.

The amount of Compton scattering that occurs at a given gamma or X-ray energy is a function of the
density of the sample being irradiated. The amount of photoelectric absorption that occurs is chiefly a
function of the chemical composition of the sample, and increases as the fourth power of the atomic
number of the elements present. (The latter effect is one of the reasons lead, with an atomic number of
82, is such a good absorber of X-rays.)

The interaction of neutrons with concrete can also be characterized as penetration with attenuation,
although the reactions are different than those for gamma and X-rays. Except for nuclear reactors, most
sources used to test concrete generate fast neutrons. Neutrons are scattered by collisions with atoms of
the various elements in a concrete sample, losing energy and changing direction in each collision.
Hydrogen atoms are the most effective scatterers, by far, and collisions with hydrogen atoms rapidly
change neutrons from fast to slow. A measurement of the number of slow neutrons present therefore
serves as an indicator of how much hydrogen is present in a sample, and since the only hydrogen present
in concrete typically is in water molecules, slow neutron detection can be used as a measure of water
content.

Neutrons are also absorbed in concrete, and, in general, slow neutrons are more likely to be absorbed
than fast neutrons. Unlike the photoelectric absorption process for gamma and X-rays, which increases
as atomic number increases, the absorption process for slow neutrons shows no such regular relationship.
Although atoms of all elements absorb neutrons to some extent, certain elements, e.g., boron and
cadmium, are much stronger absorbers than others. Absorption plays a minor role in neutron-based test
methods, except in the neutron-gamma methods.

When neutrons are absorbed, many of the capturing atoms become radioactive. The newly formed
atoms are usually unstable isotopes which subsequently decay, emitting gamma rays (or other types of
radiation) with energies characteristic of the isotope. Some of these gamma rays are emitted almost
instantly, others are emitted over a period of time ranging from seconds to years, depending on the
isotope. If the gamma rays of specific energies are counted during specified time periods, the quantities
of various elements present in a concrete sample can be established. Counting the gamma rays emitted
almost instantly is the basis for neutron capture gamma ray analysis, while counting those emitted after
some delay is the basis for neutron activation analysis.

Radiation detectors are the third component of a nuclear testing method. Having interacted with the
concrete sample, the radiation carries information about sample properties or structure. The task of the
detector and the associated electronics is to collect, process, and analyze that information to put it in a
form useful to the engineer.

Radiography methods generally employ photographic film as detectors (although photosensitive paper,
fluorescent screens, and electronic detectors are also used), while radiometry and neutron-gamma meth-
ods employ gas-filled tubes or scintillation crystals (crystals which transform incident radiation into
flashes of light). In X- and gamma radiography, the rays strike the film emulsion and expose it much
the same as light exposes conventional photographic film. Neutron radiography is slightly more complex



since neutrons will not expose the film emulsion directly; the neutrons are forced to strike a screen of a
material that absorbs them and then emits secondary radiation that exposes the film.

The detectors for radiometry and neutron-gamma methods absorb a portion of the radiation and turn
it into electrical pulses or currents, which can be counted or analyzed. In Geiger-Müller tubes, for example,
gamma or X-rays ionize some of the gas in the tube; when the amount of ionization is then multiplied by
a high voltage applied across the tube, it produces an electrical pulse that indicates radiation has interacted
in the tube. Geiger-Müller tubes are used widely in nuclear density gauges. Neutrons do not ionize the gas
in a gas-filled tube directly, but they are absorbed by boron trifluoride or 3He in a tube; the latter cases emit
secondary radiation that ionizes the gas in the tube and produces electrical pulses. Gas-filled neutron
detectors are widely used in moisture gauges in agriculture and civil engineering applications.

Scintillation crystals are used primarily in the neutron-gamma methods, where knowing the energy
of the detected gamma rays is useful. When gamma rays are absorbed in a scintillation crystal (sodium
iodide is a typical crystal material), they produce tiny flashes of light. A photomultiplier tube turns the
light into electrical pulses, the amplitudes of which are directly proportional to the energies of the gamma
rays absorbed. Pulse height analyzers allow counts to be made over a single gamma ray energy range or
over many such ranges to provide a distribution of counts as a function of energy. Scintillation crystal
detection in neutron-gamma methods has uses such as establishing the amount of chloride ion present
in concrete bridge decks or the amount of cement in freshly mixed or cured concrete samples.

After the brief discussion of radiation safety that follows, the remainder of this chapter will be devoted
to examining radiometry, radiography, and neutron-gamma methods in more detail. The discussion of
each of the three methods includes historical background, descriptions of the test equipment and pro-
cedures, case histories, and advantages and disadvantages. Appropriate references are also provided.

12.2.2 Radiation Safety

With few exceptions, anyone who owns radioactive sources or who performs any of the nuclear testing
procedures discussed in this chapter must hold a license from the appropriate governmental authority.
Licensing requirements are imposed to ensure that neither employees nor the general public are unnec-
essarily exposed to radiation and that an appropriate radiation safety program is in place. License
applications typically require a listing of the individuals responsible for the radiation safety program
(and the training they have received), descriptions of the training required for individuals using any of
the sources, a description of the facilities and of the radiation monitoring equipment available, and an
outline of the radiation safety program. Licensing requirements should not discourage potential users of
nuclear testing methods, but should be regarded as promoting and insuring safe usage. More information
about radiation safety for the nuclear testing methods is available in References 1 to 3.

12.3 Radiometry

12.3.1 Historical Background

Gamma radiometry is widely used in highway construction for density determinations on soil, soil-
aggregates, and asphalt concrete, in the paper and pulp industry for thickness monitoring, and in other
industries, but is just beginning to gain acceptance for testing portland cement concretes (PCC). Neutron
radiometry, likewise, is widely used in highway construction (on soils and asphalt concrete), in well-
logging, and in roofing rehabilitation, but is rarely used in testing PCC.

The development of gamma radiometry techniques did not really begin until radioisotope sources became
widely available with the advent of nuclear reactors (after World War II). Malhotra4 reported Smith and
Whiffin as the first users of gamma radiometry on concrete in 1952; they made direct transmission mea-
surements using a 60Co source* inserted in a hole in a concrete block and a Geiger-Müller tube detector

*Isotope radiation sources such as 60Co are identified by the chemical symbol for the element (Co for cobalt)
preceded by the isotope’s atomic weight (60) in a superscript.



external to the block. The apparatus allowed measurements of variations in density with depth in order to
evaluate the effectiveness of an experimental surface-vibrating machine.

In his 1976 survey, Malhotra4 reported gamma radiometry had been used for measuring the in situ
density of structural concrete members, the thickness of concrete slabs, and the density variations in
drilled cores from concrete road slabs. With the possible exception of its application in Eastern Europe
for monitoring density in precast concrete units, radiometry was still an experimental nondestructive
testing tool for concrete at that time. Density monitoring applications increased in the highway industry
after a 1972 report by Clear and Hay5 showed the importance of consolidation in increasing the resistance
of concrete to penetration by chloride ions. A number of U.S. state and Canadian province highway
agencies began to use commercially available nuclear gauges to evaluate the density achieved in bridge
deck overlays, particularly overlays employing low slump, low water-cement ratio mixes. In 1979, The
American Association of State Highway and Transportation Officials (AASHTO) adopted a standard
method, T 271, for the “Density of Plastic and Hardened Portland Cement Concrete in Place by Nuclear
Methods,”6 and, in 1984, the American Society for Testing and Materials (ASTM) followed with a slightly
different version, Test Method C 1040.7

Most recently, Whiting et al.8 showed the strong influence of consolidation on several critical properties
of concrete including strength, bond to reinforcing steel, and resistance to chloride ion penetration. They
also evaluated several existing nuclear (gamma radiometric) gauges and strongly recommended their use
for monitoring consolidation during construction.9 They pointed out the value of density monitoring
in evaluating the quality of concrete construction itself, rather than just the quality of the materials being
delivered to the job site. Currently no procedures are in standard use to measure the in-place quality of
concrete immediately after placement; that quality is not assessed until measurements such as strength,
penetration resistance, and/or smoothness can be made after the concrete has hardened.

Gamma radiometry is also being used extensively for monitoring the density of roller-compacted
concretes.10,11 Densification is critical to strength development in these mixtures of cement (and poz-
zolans), aggregates, and a minimal amount of water. After placement, the concrete is compacted by rollers,
much the same as asphalt concrete pavements. Commercially available nuclear gauges have become
standard tools for insuring these concretes are adequately compacted.

Gamma radiometry has found limited application in composition determinations on PCC. When
radioisotope sources emit low energy (below 60 keV) gamma rays, photoelectric absorption is the
predominant attenuation mechanism, rather than Compton scattering. Since the absorption per atom
increases as the fourth power of the atomic number Z, it is most sensitive to the highest Z element present
in a sample. Noting that calcium in portland cement is the highest Z element present in significant
quantities in PCC (in mixtures containing non-calcareous aggregates), Berry12 used 241Am (60 keV
gammas) in a prototype backscatter device for measuring the cement content of fresh concrete. Mitchell13

refined the technique, and the resulting instrument was reported to measure cement contents to within
±8% (at a 95% confidence level) for siliceous aggregate mixtures and to within ±11% for calcareous
aggregate mixtures. Because of the sensitivity of photoelectric absorption to Z, the cement content
procedure required calibration on a series of mixtures of different cement contents for a given aggregate
source. This sensitivity to aggregate composition remains a barrier to further application of the technique.

A shortlived but interesting application of gamma radiometry was in pavement thickness determina-
tions.14 Gamma ray absorption is a function of the thickness of a specimen (see Equation 12.1). Therefore,
a source could be placed beneath a PCC pavement, and, if a detector were positioned directly over the
source, the count recorded by the detector would be a function of the pavement thickness. Researchers
placed thumbtack-shaped 46Sc sources on a pavement subbase before a PCC pavement was placed. The
sources were difficult to locate after the concrete was placed, however, and the technique was abandoned
albeit with a recommendation that it merited further research.

Neutron radiometry has seen few applications for testing PCC although neutron moisture gauges are
widely used in other industries. In 1976, Malhotra’s4 out-of-the-practice included only a single reference
to the use of neutron gauges on concrete, by Bhargava in 1969. Bhargava15 used a neutron moisture gauge
to measure the water content at three locations (top, middle, and bottom) of 6 in. 12 in. 5 ft-



(150 mm  1.5-m) mortar and concrete columns. In another application Lepper and Rodgers16 used
commercially available neutron moisture gauges with the probe placed at the center of 1/2 and 1 ft3 (14
and 28 dm3) volumes (unit weight measures) of fresh PCC. The latter researchers found that the gauges
could establish water contents to within ±3 to 6% of the actual value at a 95% confidence level; the
accuracy depended on the gauge model and the sample volume.

12.3.2 Test Equipment and Procedures

All gamma radiometry systems are composed of (1) a radioisotope source of gamma rays; (2) the object
(concrete) being examined; and (3) a radiation detector and counter. Measurements are made in either
of two modes: direct transmission (Figure 12.1) or backscatter (Figure 12.2).

In direct transmission, the specimen, or at least a portion of it, is positioned between the source
and the detector. The source and detector may both be external to the concrete sample (Figure 12.1A),
e.g., in making density scans on cores or thickness determinations on pavements; the source may be

FIGURE 12.1  Gamma radiometry schematics — direct transmission mode: (A) source and detector both external
to concrete; (B) source internal, detector external; and (C) source and detector both internal.
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inside the concrete and the detector outside (Figure 12.1B), e.g., is determining the density of a newly
placed pavement or bridge deck; or the source and detector may  both be inside the concrete (Figure
12.1C), e.g., in determining the density of a particular stratum in a newly placed pavement or in a
hardened cast concrete pile.

In direct transmission, the gamma rays of interest are those that travel in a straight (or nearly straight)
line from the source to the detector. Gamma rays that are scattered through sharp angles, or are scattered
more than once, generally do not reach the detector. The fraction of the originally emitted radiation that
reaches the detector is primarily a function of the density of the concrete, and of the shortest distance
between the source and the detector through the concrete, as shown in Equation 12.1. Typical gamma
ray paths are shown in Figure 12.1. The actual volume of the concrete through which gamma rays reach
the detector, i.e., the volume that contributes to the measurement being made, is usually ellipsoidal in
shape (see, e.g., Figure 12.1B), with one end of the volume at the source, the other at the detector. Sources
typically used in direct transmission devices allow measurements to be made through 2 to 12 in. (500
to 300 mm) of concrete.

In backscatter measurement, the source and the detector are next to each other, although separated
by radiation shielding. No portion of the concrete sample lies on a direct path between the source and
detector. The source and detector may both be external to the concrete (Figure 12.2A), e.g., in
determining the density of a newly placed pavement or bridge deck from the top surface of the concrete;
or they may both be in a probe that is inserted in the concrete (Figure 12.2B), e.g., in a borehold in
a cast pile.

In backscatter, only gamma rays that have been scattered one or more times within the concrete can
reach the detector. The shielding prevents radiation from traveling directly from the source to the detector.
Examples of gamma ray paths are shown in Figure 12.2A. Each time a gamma ray is scattered it changes
direction and loses some of its energy. As its energy decreases, the gamma ray becomes increasingly
susceptible to photoelectric absorption. Consequently, backscatter measurements are more sensitive to

FIGURE 12.2  Gamma radiometry schematics — backscatter mode: (A) source and detector both external to con-
crete; and (B) both in probe internal to concrete.
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the chemical composition of the concrete sample than are direct transmission measurements in which
unscattered gamma rays form the bulk of the detected radiation.

Backscatter measurements made from the surface are usually easier to perform than direct transmission
measurements which require access to the interior or opposite side of the concrete. However, backscatter
has another shortcoming besides sensitivity to chemical composition: the concrete closest to the source
and detector contributes more to the radiation count than does material further away. For typical
commercially available backscatter density gauges, the top 1 in. (25 mm) of a concrete sample yields 50
to 70% of the density reading, the top 2 in. (50 mm) yield 80 to 95%, and there is almost no contribution
from below 3 in. (75 mm). The actual volume of the concrete through which gamma rays reach the
detector  is roughly half of an ellipsoid (see Figure 12.2A), with one end of the ellipsoid at the source,
the other at the detector.

The source, detector, and shielding arrangement can be modified to somewhat increase the depth to
which a backscatter gauge will be sensitive. One of the most depth-sensitive gauges is a prototype device
built for mounting on the back of a slipform paver for continuous density monitoring;17 slightly over
70% of the device’s reading comes from the top 2 in. (50 mm) of concrete and about 5% comes from
below 31/2 in. (90 mm). Using a gauge model with minimal depth sensitivity may be desirable for
applications such as measuring density of a thin (1- to 2-in. [25 to 50 mm] thick) overlay on a bridge
deck. (Backscatter measurement has a third disadvantage, sensitivity to surface roughness, but this is
rarely a concern for measurements on concrete.)

Gamma radiometry systems for monitoring density generally use 137Cs (662 keV) sources, but 226Ra
(a wide range of gamma ray energies, which can be treated as equivalent, on the average, to a 750 keV
emission) and 60Co (1.173 and 1.332 MeV) are employed in some. These sources are among the few that
have the right combination of long half-life* and sufficiently high initial gamma ray energy for density
measurements. The half-life of 137Cs, for example, is 30 years.

Most commercially available density gauges employ gas-filled Geiger-Müller (G-M) tubes as gamma
ray detectors because of their ruggedness and reliability. Some prototype devices have employed sodium
iodide scintillation crystals as detectors. The crystals are more efficient capturers of gamma rays than G-
M tubes. They also can energy discriminate among the gamma rays they capture, a feature that can be
used to minimize chemical composition effects in backscatter mode operation. However, the crystals are
temperature and shock sensitive and, unless, carefully packaged, they are less suitable for field applications
than the G-M detectors.

Portable gauges for gamma radiometry density determinations are widely available. A typical gauge
is able to make both direct transmission and backscatter measurements, as shown in Figures 12.1B and
12.2A, respectively. The gamma ray source, usually 8 to 10 mCi** of 137Cs, is located in the tip of a
retractable (into the gauge case) stainless steel rod. The movable source rod allows direct transmission
measurements to be made at depths up to 8 or 12 in. (200 or 300 mm), or backscatter measurements
when the rod is retracted into the gauge case. The typical gauge would have one or two G-M tubes inside
the gauge cause about 10 in. (250 mm) from the source rod. With the source rod inserted 6 in. (150
mm) deep into the concrete, the direct transmission source-to-detector distance would be about 11 in.
(280 mm).

Detailed procedures for both direct transmission and backscatter measurements are given in ASTM
Standard Test Method C 1040.7 Density measurements require establishment of calibration curves (count
rate vs. sample density) prior to conducting a test on a concrete sample. Calibration curves are created
using fixed density blocks, typically of granite, limestone, aluminum, and/or magnesium. Method C 1040
encourages users to adjust the calibration curves for local materials by preparing fresh concrete samples

*The rate at which radioisotope sources emit radiation decreases with time; the half-life is the period of time in
which the rate decreases by a factor of two.

**The curie (Ci) has traditionally been the unit for measuring activity of a radioisotope source; it is defined as
exactly 3.7 1010 disintegrations/second. The curie is being replaced by an SI unit, the becquerel (Bq), which is
equivalent to 2.703 10–11 Ci.



in fixed volume containers (the containers must be at least 18 18 6 in. [450 450 150 mm] for
backscatter measurements). The nuclear gauge readings on the concrete in such a container are compared
with the density established gravimetrically, i.e., from the weight and volume of the sample, and the
calibration curve is shifted accordingly.

In-place tests on concrete are straightforward. For a direct transmission measurement, the most
common configuration is that shown in Figure 12.1B; the gauge is seated with the source rod inserted
into a hole, which has been formed by a steel auger or pin. For a backscatter measurement, the most
common configuration is shown in Figure 12.2A, with the gauge seated on the fresh or hardened concrete
at the test location. Care must be taken to insure reinforcing steel is not present in the volume “seen” by
the gauge; reinforcing steel can produce a misleadingly high reading on the gauge display. Counts are
accumulated, typically over a 1- or 4-min period, and the density is determined from the calibration
curve (or read directly off a gauge in which the calibration curve has been internally programmed).

Tests with other gamma radiometry configurations (Figures 12.1A, 12.1C, and 12.2B) employ the same
types of sources and detectors. Various shielding designs are used around both sources and detectors in
order to collimate the gamma rays into a beam and focus it into a specific area of a sample. The two
probe direct transmission technique (Figure 12.1C) needs additional development but has considerable
potential for monitoring consolidation at particular depths, for example, below the reinforcing steel in
reinforced concrete pavements. Iddings and Melancon used a commercially available gauge with a 5 mCi
137Cs source and a 1-in. diameter 1-in. (25 mm 25 mm) sodium iodide scintillation crystal, respec-
tively, in two probes that were separated by 12 in. (300 mm) of concrete.18 They reported the effective
vertical layer thickness for density measurements with this system to be about 1 in. (25 mm).

Neutron radiometric procedures usually employ a source/detector configuration similar to that used
in gamma backscatter probes, as in Figure 12.2B. The probe might contain a 100 mCi fast neutron source
(241Am/Be) and a gas-filled BF3 or 3He detector. Because the detector is almost totally insensitive to fast
neutrons, no shielding is employed between it and the source. The response of a neutron radiometry
gauge arises from a much larger volume of concrete than does that of a gamma backscatter gauge. For
example, a neutron radiometry probe completely surrounded by concrete with a water content of 250
lb/yd3 (150 kg/m3) will effectively be seeing the concrete up to 14 in. (350 mm) away; a gamma backscatter
probe in the same concrete will be seeing the concrete no more than 4 in. (100 mm) away.

12.3.3 Case Histories

As noted previously, Malhotra4 reported examples of radiometric techniques for measuring in situ density
of structural concrete members, thickness of concrete slabs, and density variations in drilled cores. The
principal applications of gamma radiometry recently have been in monitoring the density of conventional
PCC bridge decks and pavements and of roller-compacted concrete (RCC) pavements and other struc-
tures during construction. Examples are presented here of what can be achieved with these techniques:

12.3.3.1 Static Gamma Radiometry on Conventional PCC and RCC Pavements

Tayabji and Whiting9 reported on two field tests using commercially available nuclear density gauges on
PCC pavement. A typical data collection effort is shown in Figure 12.3A, where measurements are being
taken during slipform paving operations from a platform that was part of a dowel inserter.19 Readings
were taken in the direct transmission mode, with a 10 mCi 137Cs source inserted 8 in. (200 mm) into the
pavement. The technician made a 15-s count at every third stop of the inserter unit, i.e., at about 42-ft
(13-m) intervals. Measurements were made at eight locations in each of eight lots. The average consol-
idation in the eight lots ranged from 98.9 to 100.2% of the rodded unit weight, with standard deviations
within the lots ranging from 0.5 to 1.3%. 

Figure 12.3B shows a similar density gauge being used on a newly placed RCC pavement. Density
monitoring is critical on RCC projects since high density is needed to develop adequate flexural strength.
On a pavement project such as the one shown in the figure, the concrete behind the paver typically has
a density of 95% of the laboratory maximum, but will reach 98% after additional roller compaction.



Ozyildirim20 cautions that static gauges are not suitable for exact determination of degree of consol-
idation in the field, because variations in component proportions or air content within acceptable ranges
can cause variations in the maximum density attainable.

12.3.3.2 Dynamic Gamma Radiometry on Pavements

Figure 12.4 is a photograph of the Consolidation Monitoring Device (CMD) in use over a newly placed,
conventional PCC pavement. The CMD is a noncontact backscatter density gauge, shown here with the
source/detector unit mounted on a track on the back of a slipform paver. The unit rides back and forth
transversely while the paver moves forward, thus monitoring the density of a significant portion of the
pavement. The CMD uses a 500 mCi 137Cs source and a 1-3/4 in. diameter 4 in. long (45 102 mm)
sodium iodide scintillation crystal. Results indicate that the device is capable of duplicating core density
measurements within a ±/2-1/4 lb/ft3 (±/36 kg/m3) range at a 95% confidence level.17 The CMD appears
to be effective for tasks such as establishing proper vibrator operation, alerting vibrator malfunctions,
and detecting significant changes in mixture composition, i.e., too little or too much air entrainment. 

FIGURE 12.3  Static nuclear density gauges in use during construction of (A) conventional PCC pavement19 and
(B) roller-compacted concrete.11 (A, Photo courtesy of FHWA; B, Photo courtesy of Kirby T. Meyer, P.E. Austin, TX.
Reprinted with permission from Malisch, W.R., Conc. Constr., 33, 13, 1988.)



12.3.4 Advantages and Limitations

Gamma radiometry offers engineers a means for rapidly assessing the density, and therefore the potential
quality, of concrete immediately after placement. Table 12.1 summarizes the advantages and limitations
of backscatter and direct transmission gamma radiometry techniques and of neutron radiometry as well.

Direct transmission gamma radiometry has been used for density measurements on hardened concrete,
but its speed, accuracy, and need for internal access make it most suitable for quality control measure-
ments before newly placed concrete undergoes setting. Backscatter gamma radiometry is limited by its
inability to respond to portions of the concrete much below the surface, but it can be used over both
fresh and hardened concrete and can be used, in noncontact devices, to continuously monitor density
over large areas. Gamma radiometry techniques have gained some acceptance in density monitoring of
bridge deck concrete and fairly widespread acceptance for density monitoring of roller-compacted con-
crete pavement and structures. 

FIGURE 12.4  Dynamic nuclear density gauge (Consolidation Monitoring Device) in use during construction of
conventional PCC pavement.17 (Photo courtesy of FHWA.)

TABLE 12.1 Radiometry

Technique Advantages Limitations

Gamma radiometry for density Technology well-developed Requires license to operate
Rapid Requires radiation safety program
Simple, rugged and portable equipment
Moderate initial cost
Minimal operator skills

Backscatter mode Suitable for fresh or hardened concrete Limited depth sensitivity
Can scan large volumes of concrete 

continuously
Sensitive to concrete’s chemical 

composition and surface roughness

Direct transmission mode Very accurate
Suitable primarily for fresh concrete

Requires access to inside or opposite 
side of concrete

Low chemical sensitivity

Neutron radiometry for water 
content

Rapid
Accurate
Large sample size minimizes effects of 

concrete’s heterogeneity

Technology needs further development
Requires calibration on local concrete 

materials
Requires license to operate
Requires radiation safety program



Although widely used in other industries, neutron radiometry techniques have been only minimally
developed for water content measurements in concrete.

12.4 Radiography

12.4.1 Historical Background

X-radiography techniques were developed around the turn of the century and came to be used extensively
in the 1920s. As with gamma radiometry, the development of gamma radiography techniques followed
the ready availability of radioisotope sources after World War II.

X- and gamma radiography procedures are used primarily for examining welded products and castings
for defects, e.g., for slag inclusions or porosity in welds and for gas cavities, blowholes, or cracks in
castings. In the mid-1970s, Barton stated that X- and gamma radiography had become a $500 million a
year business in the United States alone.21

Usage of X- and gamma radiography on concrete has developed very slowly. Malhotra4 reported
Mullins and Pearson making the first published field application in 1949; they used X-rays to show
variations in density and to locate reinforcing bars. The same author reported finding only one other
field application of X-rays up to the time of his writing (1976): a study on bond stress in prestressed
concrete beams. The only field X-ray work on concrete recently has been done with the Scorpion II
system developed in France.22,23 The prototype Scorpion II includes a linear accelerator X-ray source
mounted on a movable crane; the resulting system is designed for evaluation of prestressed concrete
bridges. The equipment has been used for examining the quality of grouting and of concrete and for
establishing the location and condition of prestressing cables.

Gamma radiography has enjoyed somewhat greater success in field applications, particularly in the
U.K. Malhotra4 summarized applications including determining the position and condition of reinforcing
steel, establishing the location and extent of voids in concrete and in the grouting of post-tensioned
concrete, and the detection of variable consolidation in concrete. The first generation Scorpion device
used gamma ray sources for many of the same applications as those discussed previously for its successor
(the higher energy X-rays generated by Scorpion II’s linear accelerator double the thickness of the concrete
that can be examined).23 The British Standards Institution has adopted a standard for gamma radiography,
BS 1881: Part 205, which indicates the usefulness of radiography for locating and identifying steel and
voids in structural concrete.24 The British standard includes a number of recommendations for investi-
gators considering radiographic examination of concrete.

Both X- and gamma radiography have also been used in the laboratory to study the internal structure
of concrete. Malhotra4 summarized applications prior to 1976, which included studies of microcracking
before and during loading and of crack propagation. The only laboratory application subsequent to 1976
appears to be by Slate, whose work included further studies of microcracking.25

Neutron radiography is also a relatively young field, only widely used since the mid-1960s. Typically
more expensive than X- and gamma radiography, it finds is principal uses in applications where its
interactions with particular elements in a sample are stronger than those of X- or gamma rays, or in
hostile environments where intense gamma radiation is already present. Hawkesworth26 cites the follow-
ing five areas where neutron radiography is advantageous:

1. Highly radioactive objects, such as nuclear reactor fuel rods
2. Hydrogenous materials, such as seals, gaskets, and explosives
3. Materials containing high neutron absorbers such as boron and cadmium
4. Samples in which hydrogenous material or high neutron absorbers are embedded in heavy metals,

such as copper, brass, lead, or steel, which are low neutron absorbers
5. Materials where the correct balance among different isotopes is important, e.g., new reactor fuel



Another author27 says “…three applications, inspection of explosive devices, inspection of aircraft gas-
cooled turbine blades for residual core material, and inspection of nuclear fuel pins, make up well over
90% of today’s (1976) neutron radiography market.”

The only applications of neutron radiography for testing concrete have been the recent work by Najjar
et al.28 in the United States, by Reijonen and Pihlajavaara29 in Finland, and by Mo Da-Wei et al.30 in
China. The first group used the technique to study microcracking, the second used it to determine the
thickness of the carbonated layer, and the third used it to study the water permeability of concrete samples.

12.4.2 Test Equipment and Procedures

As shown in Figure 12.5, all radiography systems are composed of (1) a beam from a radiation source;
(2) the object being examined; and (3) an image collector. In X-radiography, the radiation source is an
X-ray tube. When high voltage is applied to the tube, X-rays are emitted with energies proportional to
the voltage. According to Malhotra,4 X-ray sources used on concrete in laboratory studies typically
produce maximum energies ranging from 30 to 125 keV. The French Scorpion II, designed for field
applications, generates X-rays up to 4.5 MeV. In gamma radiography, a radioisotope source emits gamma
rays continuously. The commonly used sources include 60Co (which emits 1.17 and 1.33 MeV gammas),
137Cs (0.67 MeV gammas), and 192Ir (gammas at a number of energies between 0.21 and 0.61 MeV).
Source selection depends on the planned application: the energy, half-life, exposure time required, and
cost may all be considerations. 

After the radiation beam traverses the sample, it is collected and turned into an image on photographic
film. Steel attenuates gamma and X-rays much more than concrete does (reducing the intensity of a 60Co
beam by 1/2 requires 0.87 in. [22 mm] of steel or 2.7 in. [69 mm] of concrete), while air attenuates much
less effectively than concrete. These differences in attenuation therefore can yield a photographic image
of the internal structure of the concrete. Exposure times can range from a few seconds to an hour or
longer, depending on the thickness of the concrete sample. Film selection depends on the range of
thicknesses and densities being analyzed. Intensifying screens, usually of lead foil, can be used adjacent
to the film to reduce exposure times and to minimize blurring due to secondary radiation. Once generated,
the X- or gamma rays are collimated and the resulting beam is directed against the concrete sample. The
radiation is attenuated, primarily by scattering out of the beam; the amount of attenuation depends on
the thickness and density of the concrete and the initial energy of the radiation. The thickness of a typical
concrete, which will reduce the intensity of a radiation beam by 1/2, is 1.9 in. (48 mm) for 192Ir, 2.1 in.
(53 mm) for 137Cs, 2.7 in. (69 mm) for 60Co, and 5.3 in. (135 mm) for a 4.5 MeV X-rays from an
accelerator. The effect is multiplicative, so that, for a 137Cs source, 4.2 in. (107 mm) of concrete reduces
the beam intensity to 1/4 of its original value, 6.3 in. (160 mm) to 1/8 of its original value, etc. Beyond
a certain thickness the beam intensity is reduced to a point that clear images cannot be obtained and
collection times are impractically long. Figure 12.6 shows typical concrete thicknesses that can be

FIGURE 12.5  Radiography schematic.
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examined in the field for three of the radiation sources. In laboratory studies, e.g., of microcracking,
concrete test specimens are less than 1 in. (25 mm) thick and X-rays in the 100 keV range are appropriate.

Radioscopy, in which a special fluorescent screen collects the image and converts it, in real time, into
a television image, has been used to a limited extent on concrete, e.g., in a modification of the Scorpion
system.23 The maximum concrete thickness that can practically be viewed by a radioscopy system is only
about 3/4 of that possible with a radiography system.

X-ray tomography also has potential applications as a radiographic technique on concrete.31,32 Tomo-
graphic equipment, now widely used in medicine, collects radiographic information along a single plane
through the object, repeats the process from various perspectives around it, and then uses a computer
to construct an image of the internal structure. Tomography systems are very expensive and, up to now,
have only been used in a limited way in research studies on concrete.

In neutron radiography, three types of sources are used, depending on the application. For laboratory
studies, neutron beams from nuclear research reactors are the most effective sources. Accelerators are
used in field applications, as are radioisotopes such as 124Sb/Be and 252Cf. Nuclear reactor beams produce
the clearest images in the shortest exposure times. Accelerators produce more intense beams and hence
have shorter exposure times than do radioisotopes; the latter are the most portable and require the least
operator skill.

The laboratory studies on concrete have involved irradiating samples ranging from slices 0.15 in. (3.8
mm) thick to cylinders 2 in. (50 mm) in diameter.28–30 The neutron beam is attenuated by (1) hydrogen-
produced scattering, in the case of moisture studies; or (2) absorption by a high neutron absorber such
as gadolinium, in the case of cracking studies. In the latter case, the concrete sample is impregnated,
prior to irradiation, with a compound containing the absorbing element; the compound acts as a
contrasting agent.

Photographic film is again used for image collection but cannot be directly exposed by neutrons. The
film must instead be wrapped in a converted, gadolinium foil for example, which turns the neutrons
into light or charged particles, which will then expose the film. Exposure times again depend on the
thickness of the sample, and typically are an hour or longer. Najjar33 provides useful information on both
experimental equipment and sample preparation.

12.4.3 Case Histories

The principal applications of radiography to concrete to date are primarily in two categories: (1) X-,
gamma, and neutron radiography in laboratory studies of internal microstructure, particularly of micro-
cracking, and (2) X- and gamma radiography in field studies of macrostructure, e.g., the location of
reinforcing steel and of voids or areas of inadequate consolidation. Two examples are presented here of
what can be achieved with these techniques.

FIGURE 12.6  Concrete thickness ranges for three typical gamma radiography sources. (Adapted from Reference
23. Original figure courtesy of Laboratoire Régional des Ponts-et-Chausées de BLOIS.)
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12.4.3.1 X- and Neutron Radiography for Microcracking

Malhotra4 summarized much of the pre-1976 work in X- and gamma radiography of the microstructure
of concrete. Two later articles by Najjar et al.28,34 illustrate the effectiveness of the two techniques in
microcracking studies. Figures 12.7A and B show X- and neutron radiographs, respectively, of a 0.15-in.
(3.8 mm) thick slice of a 4-in. (102-mm) diameter concrete sample that had been loaded to just beyond
the peak compressive stress. Figures 12.8A, B, and C show, respectively, a conventional photograph, a
conventional X-radiograph, and a contrasting-agent X-radiograph of a 0.30-in. (7-mm) thick slice of a
4-in. (102-mm) diameter sample, also loaded to just beyond the peak stress. For both figures, specimens
of the desired thickness were sawed from concrete cylinders that had been loaded to the desired level.
The specimens were then cleaned, ground, and polished.

The X-radiography in Figure 12.7A was accomplished with a 150-kV industrial X-ray machine operated
at 40 kV, 5-mA current, and 2 min of exposure time on a fine-grained Kodak Type T X-ray film. The X-
radiography shown in Figures 12.8B and C was accomplished with a 150-kV veterinary medicine diagnostic
X-ray machine operated at 44-kV, 150-mA current, and 0.33 s of exposure time on Kodak Type X-OMATG
film. The neutron radiography was accomplished with a beam of slow neutrons generated from the TRIGA
Mark II nuclear reactor at Cornell University. The neutron flux was approximately 106 neutrons/cm2/s at
the specimen. The slow neutrons passed through the specimen and the film, and then a portion were
absorbed by a 25-mm thick gadolinium foil; the secondary radiation from this absorption exposed the film.

FIGURE 12.7  (A) X-radiograph of 4-in. diameter, 0.15-in. thick (102 3.8 mm) slice of concrete after loading to
peak stress; (B) neutron radiograph of some specimen.28 (Copyright ASTM. Reprinted with permission.)



Figures 12.7B and C show the quality of images of microcracking that can be obtained from radiog-
raphy when contrasting agents are employed. In Figure 12.7B a gadolinium nitrate solution was applied
to the polished specimen surface and allowed to penetrate into the cracks and voids; in Figure 12.8C the
surface was treated similarly with a lead nitrate solution. The two agents are efficient absorbers, respec-
tively, of neutrons and X-rays, thus highlighting the microcracks in the radiographs. It should be noted
that the radiographs are not images of the surface but are images of the full thickness of the specimen,
so care must be taken in interpreting and establishing the effective width and depth of the cracks.

FIGURE 12.8  (A) Conventional photograph of 4-in. diameter, 0.30-in. thick (102 7-mm) slice of concrete after
loading to peak stress; (B) conventional radiograph of same specimen; and (C) X-radiograph of same specimen after
treatment with contrasting agent.34 (Copyright ASTM. Reprinted with permission.)



12.4.3.2 X- and Gamma Radiography for Macrostructure

Figure 12.9 is a photograph of the French-built Scorpion II system in use on a prestressed concrete bridge
structure. The handling arm, shown extended to beneath the bridge, includes a miniaturized linear
accelerator that can generate X-rays with energies up to 4.5 Mev. The detector, either a film cassette for
radiography or an image converter and camera for radioscopy, is positioned in the interior of the concrete
girder.

Figure 12.10A is a photograph of Scorpion II’s radioscopic image of a prestressing cable anchorage in
concrete; Figure 12.10B is a schematic of the cable anchorage and interpretation of the radiograph. The
radioscopic image was observed through 14 in. (360 mm) of concrete in real time; a sensitive electronic
camera (25 images/s and 10–4 lux) captured the image of the fluorescent screen and displayed it on a
television monitor. The radioscopic image is not sharp but does clearly show the large voids (“heteroge-
neity”) behind the anchorage and the smaller voids (“bad contact”) on the front side. 

FIGURE 12.9  Scorpion II X-radiography system on prestressed concrete bridge structure. (Photo courtesy of Lab-
oratoire Régional des Ponts-et-Chausées de BLOIS.)

FIGURE 12.10  Scorpion X-radioscopic image of prestressing cable anchorage in concrete: (A) photograph of radio-
scopic image; (B) schematic of cable anchorage and interpretation of photograph. (Photo courtesy of Laboratoire
Régional des Ponts-et-Chausées de BLOIS.)

grouting funnelB

tendon

bad contact

heterogeneity

A



It should be noted that a radiograph of a thick concrete member is based on the entire thickness;
therefore, thin cracks of planar defects perpendicular to the radiation beam will have little effect on the
beam and may not be detectable in the radiograph.

12.4.4 Advantages and Limitations

X- and gamma radiography offer researchers a means for visually examining the internal microstructure
of concrete specimens and offer engineers a means for inspecting the quality of construction and materials
in concrete structures. Table 12.2 summarizes  the advantages and limitations of the two techniques and
of neutron radiography as well. X-ray techniques are fast; they are capable of viewing interiors of concrete
sections up to 3 ft (1 m) thick; they can generate radiation at the optimum energy level for a given
specimen thickness; and they require minimal shielding since radiation emission can be terminated by
turning off the electrical power supply. On the other hand, X-ray equipment is expensive and must be
operated carefully because of high voltages and high radiation levels. Until recent miniaturization of X-
ray generators such as in the Scorpion II system, gamma radiography equipment has generally been more
portable. Gamma ray equipment is less expensive and is easier to operate because electrical power is not
necessary. The continuous radioactivity from the gamma ray sources requires more shielding and addi-
tional safety interlocks to prevent accidental exposures.

Neutron radiography is currently a tool for researchers to use in examining the internal microstructure
of concrete specimens. It is most useful where specimens contain elements that interact more readily
with neurons than with X- or gamma radiation.

TABLE 12.2 Radiography

Technique Advantages Limitations

All radiography techniques Expensive
Require skilled operators
Require license to operate
Require radiation safety program
Thin cracks or planar defects perpendicular 

to radiation beam may be difficult to detect

X-ray Useful for examining internal 
macrostructure, e.g., steel location and 
voids, or microstructure, e.g., steel 
location and voids, or microstructure

Primarily a research tool
Very expensive initially
Potential high voltage hazard

Fast
View through concrete up to 18 in. (0.5 m) 

thick
View through concrete up to 3 ft (1 m) thick
Minimal shielding
Energy adjustable for different applications

Gamma ray Useful for examining internal 
macrostructure, e.g., steel location and 
voids, or microstructure

View through concrete up to 18 in. (0.5 m) 
thick

Long exposure times
More portable than X-ray
Less expensive than X-ray
No electrical power required

Neutron Useful for examining microstructure Primarily a research tool
Very expensive initially
Little advantage over other radiography 

methods for most applications on concrete



12.5 Neutron-Gamma Techniques

12.5.1 Historical Background

Neutron-gamma techniques, which include neutron activation analysis (NAA) and neutron capture-
prompt gamma ray analysis (NCGA), are important tools in criminal forensics, authentication of art
objects, and establishment of trace elements in pollutants; as yet they have only served as a research aid,
for composition measurements, on concrete. Malhotra4 summarized the pre-1976 work on concrete,
stating that the neutron-gamma techniques were “largely undeveloped for application to concrete and
little published data were available on their laboratory and field use for this application.”

In the decade following Malhotra’s statement, applications to concrete have continued at a very limited
pace. Iddings and Arman35 reported construction of field NAA equipment for measuring the cement
content of fresh concrete, of hardened concrete in place, and of concrete cores. Taylor36 developed a
multielement analyzer which used both NAA and NCGA to establish cement, water, and fine and coarse
aggregate contents of fresh concrete. And Rhodes et al.37 constructed a mobile device for nondestructively
measuring the chloride content of concrete bridge decks.

12.5.2 Test Equipment, Procedures, and Case History

Neutron-gamma systems are composed of three components: (1) a source of neutrons; (2) the sample
being examined; and (3) a gamma ray collection and counting system. When samples can be brought
into the laboratory, research nuclear reactors are the optimum neutron source. However, all of the devices
named in the previous section were designed for testing concrete in the field and employed radioisotope
sources, either 239Pu/Be (239Pu emits alpha particles that are captured by the Be to produce neutrons) or
252Cf (252Cf emits neutrons directly as a result of spontaneous fission). 252Cf source sizes typically are 200
to 500 mg, which generate 5 to 12 108 neutrons/s.

Neutron-gamma systems work best with high neutron levels from the sources. Because this means
sources are highly radioactive and because neutrons are very penetrating radiation, the mobile neutron-
gamma systems require considerable shielding. For example, the shield for Iddings’ field system was a
36 in. (90 mm) diameter sphere of borated water extended polyester, along with a small lead shield; the
total assembly weighed some 800 lb (350 kg).35

Sample sizes can be relatively large, e.g., up to 10 in. diameter by 8 in. high (250 mm 200 mm) in
the Iddings’ experiments; this can be helpful in minimizing the effects of concrete’s characteristic heter-
ogeneity. Because of the high radiation levels at the sources, test procedures require remote controls to
transfer the sample into the vicinity of the source or to bring the source out of its shield into the vicinity
of the sample.

The neutrons interact with the various elements present in the sample in three principal ways: (a)
absorption by atoms and prompt (almost immediate) emission of characteristic gamma rays; (b) inelastic
scattering by atoms, also with prompt emission of gamma rays; and (c) absorption by atoms, which
decay and emit characteristic gamma rays over a longer period of time (seconds, minutes, or longer, after
the irradiation occurs). The first two interactions are the basis for NCGA, the third for NAA.

Each element present in a sample has a different probability of capturing (ort scattering) neutrons.
When neutrons are absorbed, the resulting atom is in an excited state, and the atom can emit radiation
of various types to return to a more stable state. When gamma rays are emitted, either as prompt or
activation gammas, they have an energy or energies characteristic of the element. The number of gamma
rays of a specific energy emitted in a specified period of time can then be related to the amount of the
element present in the sample. Scintillation crystals are generally used in the detecting and counting
system because of their absorption efficiency and their capability for resolving gamma ray energies.

The distinction between the two neutron-gamma techniques is based on the time at which the radiation
detection and count is made: the NCGA measurements require the irradiation and the counting to be
done simultaneously; in NAA the source and sample are separated after irradiation and the sample and



detector are brought together, after some delay period (to allow potentially interfering gamma ray
emissions to die down), for the counting.

The Iddings NAA system for measuring the cement content of fresh concrete is an example of a typical
prototype neutron-gamma system.35 The device employed 140 g of 252Cf and a 5-in. diameter 5-in.
long (127 mm 127 mm) sodium iodide scintillation crystal and determined the cement content of a
5-in. diameter 5-in. high container of concrete. The sample was brought adjacent to the source,
irradiated for 4-min, and then removed. After a 1-min radioactive decay period, the 3.09 and 4.05 Mev
gamma rays (8.5-min half-life) characteristic of 49Ca were counted for 4 min. In concretes containing
siliceous coarse and fine aggregates, the cement is the only component containing a significant quantity
of calcium. The system required initial calibration with samples having known cement contents and
using the same cement and aggregates as would be used in subsequent “unknown” samples. Results
indicated the Iddings NAA system could establish cement contents in typical concretes with siliceous
aggregates within 10% of the actual value (at a 95% confidence level).

Other irradiation, decay, and counting period combinations and detection over other gamma ray
energy levels allow other elements to be measured quantitatively. The Rhodes instrument, for example,
is based on the detection and counting of the capture and activation gamma rays emitted by 35Cl and
37Cl, respectively, for detecting the chloride ion level in bridge deck concrete.37 Techniques based on
adding small quantities of an easily irradiated and detected element, such as indium, to concrete are
considered periodically as a quality control tool: concrete samples from construction projects could be
irradiated to verify their cement content.38

12.5.3 Advantages and Limitations

Neutron-gamma techniques have some potential for field composition measurements on both fresh and
hardened concrete because of their speed, accuracy, and large sample sizes. However, no systems have
been commercially developed for concrete because (1) heavy shielding is required; (2) electronics are
complex and expensive for a system with a limited commercial market; and (3) interferences from
elements other than the one(s) of interest force frequent recalibrations and limit accuracy with some
component compositions, e.g., calcareous aggregates.
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Short-pulse radar is a powerful scientific tool with a wide range of applications in the testing of concrete.
It is gaining acceptance as a useful and rapid technique for nondestructive detection of delaminations
and other types of defects in bare or overlaid reinforced concrete decks. It also shows potential for other
applications — such as monitoring of cement hydration or strength development in concrete, study of
the effect of various admixtures on curing of concrete, determination of water content in fresh concrete,
and measurement of the thickness of concrete members.

To facilitate the understanding of these applications, the physical principles behind short-pulse radar
are presented. The advantages and limitations of radar in these applications are also discussed.

13.1 Introduction

Experiments in the early 1900s proved the feasibility of transmitting electromagnetic (EM) waves through
space as a beam and receiving the reflected signal from an airborne object in the path of the beam.
Because of the military significance of this technology, it experienced a rapid advancement during World
War II. Subsequent refinement in microwave* sources and detection circuits made it possible to accurately
locate planes. These applications were made possible by the realization that different objects have their
own characteristic scattering and reflection properties toward EM waves and that EM waves travel through
free space with a constant speed, equivalent to that of light. Such detection systems were eventually called
radar, which is an acronym for radio detection and ranging.

Since much of this technology was also applicable to transmission of EM signals through solids,
experiments were conducted in the early 1950s using radar as a tool for probing solids, such as rock and

*An EM wave which has a wavelength between about 0.3 and 30 cm, corresponding to frequencies on the order
of 1 to 100 GHz.

Gerardo G. Clemeña
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soil. It was quickly recognized that the speed of microwave and its amplitude as a function of distance
traveled in a solid could vary significantly from one material to another, and that these properties can
be used to identify and profile subsurface geological features. This led to the development in the late
1960s of several types of radar systems, which were called ground-probing radars (GPR) because of their
original intended applications.

Since then, GPR has been put to a variety of uses, including determining the thickness and structure
of glaciers, locating ice in permafrost,1 finding sewer lines and buried cables,2 measuring the thickness
of sea ice,3 profiling the bottom of lakes and rivers,4 examining the subsurface of the moon,5 detecting
buried containerized hazardous wase,6 and measuring scouring around bridge foundations.7

The earliest study on the use of GPR in areas related to civil engineering, but not to concrete itself,
was that reported in 1974 by Bertram et al., which dealt with the inspection of airfield for voids underneath
pavements.8 This study was followed by other studies, which included locating undermining underneath
concrete sidewalks9 and pavements.10,11 As the following discussion will show, GPR can be used to test
concrete for other purposes. Because of the nature of the microwave pulses that are employed by the
radar systems used and because the applications are no longer limited to the probing of subsurface
geological features, GPR is more appropriately called short-pulse radar.

13.2 Principle of Short-Pulse Radar

Short-pulse radar is the electromagnetic analog of sonic and ultrasonic pulse-echo methods. It is governed
by the processes involved in the propagation of electromagnetic energy through materials of different
dielectric constants.

13.2.1 Behavior of Microwave at the Interface of Two Different Materials

Consider the behavior of a beam of EM energy (such as microwave) as it strikes an interface, or
boundary, between two materials of different dielectric constants (see Figure 13.1). A portion of the
energy is reflected, and the remainder penetrates through the interface into the second material. The
intensity of the reflected energy, AR, is related to the intensity of the incident energy, AI, by the
following relationship 

FIGURE 13.1  Propagation of EM energy through dielectric boundaries.
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(13.1)

where

1,2 = the reflection coefficient at the interface, and

1, 2 = the wave impedances of materials 1 and 2, respectively, in ohms.

For any nonmetallic material, such as concrete or soil, the wave impedance is given by

(13.2)

where

0 = the magnetic permeability of air, which is 4 10–7 henry/meter, and
� = the dielectric constant of the material in farad/meter.

(Metals are perfect reflectors of EM waves, because the wave impedances for metals are zero.) Since the
wave impedance of air, 0 is

(13.3)

and if we define the relative dielectric constant, �r, of a material as

(13.4)

where �0 = the dielectric constant of air, which is 8.85 10–12 farad/meter. Then, we may rewrite Equation
13.2 as

(13.5)

and Equation 13.1 as

(13.6)

where �ri and �r2 are the relative dielectric constants of materials 1 and 2, respectively.
Equation 13.6 indicates that when a beam of microwave strikes the interface between two materials,

the amount of reflection ( 1,2) is dictated by the values of the relative dielectric constants of the two
materials. If material 2 has larger relative dielectric constant than material 1, then 1,2 would have a
negative value, i.e., with the absolute value indicating the relative strength of the reflected energy and
the negative sign indicating that the polarity of the reflected energy is opposite of that arbitrarily set for
the incident energy.
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13.2.2 Propagation of Microwave Energy through a Material

After penetrating the interface and into material 2, the wave propagates through material 2 with a speed,
V2, given by

(13.7)

where C is the propagation speed of EM waves through air, which is equivalent to the speed of light, or
1 ft/ns (0.3 m/ns). As the wave propagates through material 2, its energy is attenuated as follows:

(13.8)

where
A = attenuation, in decibel/meter*

f = wave frequency, in Hz

and the loss tangent (or dissipation factor) is related to , the electrical conductivity (in mho/meter) of
the material by:

(13.9)

When the remaining microwave energy reaches another interface, a portion will be reflected back
through material 2 as given by Equation 13.6. The resulting two-way transit time (t2) of the microwave
energy through material 2 can be expressed as

(13.10)

where D2 is the thickness of material 2.
We shall discuss later how some of these basic principles serve as the basis for the various applications

in which short-pulse radar is already being used routinely or has shown promise.

13.3 Instrumentation

Short-pulse radar systems are used in applications related to inspection of concrete. These radar systems
operate by transmitting a single pulse that is followed by a “dead time” in which reflected signals are
returned to the receiver. A basic radar system consists of a control unit, a monostatic antenna (i.e., an
antenna that is used for both transmitting and receiving), an oscillographic recorder, and a power
converter for DC operation (see Figure 12.2). In the inspections of sizeable concrete structures, such as
bridge decks and pavements, a multi-channel instrumentation tape recorder is mandatory due to the
relatively fast rate at which the inspection has to be carried out. In addition, tape-recorded radar signals
are amenable to treatment by signal processing techniques that facilitate data analysis and interpretation.

In the inspection of concrete, it is desirable to use a radar antenna with relatively high resolution or
short pulse width, such as 1 ns or preferably less. The two commercially available antennas that are often

*Decibel is a unit for describing the ratio of two intensities or powers; if I1 and I2 are two amounts of intensity,
the first is said to be n decibels greater, where n = 10 log (I1/I2).
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cited in the literature have pulse widths of approximately 1 ns. With such antennas the thinnest layers
of a concrete that can be distinguished or accurately measured, if it is assumed that the concrete has a
dielectric constant of 6, would be 1.2 to 2.4 in. (3.1 to 6.1 cm), depending on the radar system.

Figure 13.3 shows one of these antennas, which is referred to as a “bowtie” antenna because of the
physical shape of its transmitting and receiving element within the housing. This particular antenna has
a center frequency of 900 MHz and a characteristic pulse width of 1.1 ns. At 12 in. (0.3 m) away from
an object, it provides a coverage of approximately 12 in. 15 in. (0.30 m 0.38 m). The other commer-
cially available antenna is called a “horn” antenna, because of its outer appearance. It is usually used in
a noncontact manner, as it is scanned over the surface of the concrete.

It is quite difficult to estimate a radar system’s depth of penetration before the inspection is actually
performed, especially the penetration into reinforced concrete, since penetration is affected by the
moisture content of the concrete and the amount and type of reinforcement. However, for dry and
unreinforced concrete the penetration can be as much as 24 in. (0.61 m).

In operation, a circuit within the radar control unit that is shown in Figure 13.3B generates a trigger
pulse signal at a rate of 50 kHz, i.e., a pulse at every 20 s. Each trigger pulse, in turn, causes a solid-state
impulse generator in the transmitting antenna to produce a pulse with a very fast rise time, which is
then electrically discharged from the antenna in the transducer as a short burst of electromagnetic energy.
The resulting pulse is then radiated into the material being examined.

As the radiated pulses travel through the material, different reflections will occur at interfaces that
represent changing dielectric properties. Each reflected electromagnetic pulse arrives back at the receiving
antenna at a different time that is governed by the depth of the corresponding reflecting interface and
the dielectric constant of the intervening material (see Equation 13.10). A receiver circuit reconstructs
the reflected pulses at an expanded time scale by a time-domain sampling technique. The resulting replicas
of the received radar signals are amplified and further conditioned in the control unit before they are
fed to an output.

The analog output can be displayed on an oscilloscope, an oscillographic recorder, or a facsimile gray-
scale graphic recorder. It can also be recorded on magnetic tape for future processing or analysis. On an
oscilloscope or an oscillographic recorder, the received radar signals may appear similar to the wave form
illustrated in Figure 13.4A, depending on the radar system used. For the particular contact radar system
from which this waveform was obtained, the received signal consists of three basic components. At the
top is the transmitted pulse, or the feed-through of the transmitted pulse into the receiver section, that
serves as a time reference. Immediately following the transmitted pulse is a strong surface reflection, the
shape of which is indicative of the shape of the radar pulse transmitted by the antenna.  Then at a later
time equal to the pulse travel time from the surface to an interface and back to the antenna, the interface
reflection appears. The vertical scale is the time scale, which can be calibrated by a pulse generator that
produces pulses at equally spaced time durations. If the wave speed in the material is known the time
scale can be converted to a corresponding depth scale. 

A facsimile graphic recorder will print the portions of the waveforms that exceed a selected threshold
amplitude. As the antenna is scanned across the surface, the positive and negative peaks in the waveforms

FIGURE 13.2  Components of a typical short-pulse radar system.
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FIGURE 13.3  (A) A “bowtie” radar antenna, and (B) A control unit and an oscillographic recorder.

FIGURE 13.4  (A) A single waveform as seen by the receiver, and (B) a display of cascade of waveforms by facsimile
graphic recorder as antenna is scanned horizontally above a subsurface interface. (With permission from Geophysical
Survey Systems, Inc.)



are displayed as bands of varying gray tones, whereas the zero crossings between peaks are displayed as
narrow while lines, as shown in Figure 13.4B. Notice that the main feature throughout the profile at
varying times (or depths) is a group of three closely related bands across the chart, each of which
represents reflection of portions of the transmitted pulse from an interface. The darkness of each band
is directly proportional to the extent by which the amplitude of the corresponding peak exceeds the print
threshold in the recorder. (The triple band is the characteristic of the particular radar system with which
the radar signals were obtained. This characteristic is, of course, undesirable since it limits the ability of
this system to discriminate neighboring interfaces that are spaced closer than the typical width of a group
of bands.)

13.4 Applications

13.4.1 Detection of Delamination in Concrete

A major problem with the reinforced concrete bridge decks located in coastal areas or areas where de-
icing salts are used on roadways during winter is the premature deterioration of the concrete. The
intrusion of chloride from these salts into the concrete causes the embedded reinforcement to corrode,
which eventually cause the concrete to crack or delaminate. Marine structures are also subjected to this
type of deterioration.

The simplest method for detecting delamination in concrete involves sounding the concrete with a
hammer or heavy chains, which produces a characteristic hollow sound when delamination is present.
Although the method is effective, it is adversely affected by the presence of traffic noises. Since sounding
is a contact method, its use requires closure of traffic lanes, which is often costly and undesirable. Because
of the need for an alternative to the sounding method, the use of noncontact and nondestructive methods
such as infrared thermography12,13 and radar14–18 have been studied.

13.4.1.1 Principle

When a beam of microwave energy is directed at a reinforced concrete slab (see Figure 13.5), a portion
of the energy is reflected from the surface of the concrete, and the remaining energy penetrates this
interface. The surface reflection has a negative polarity since the dielectric constant of concrete, which
has been reported to range from 6 when dry to about 12 when saturated,10 is considerably higher than
that of air, which is 1. (It must be noted that the actual in situ relative dielectric constant of concrete,
and most materials, will vary because it is affected to varying degrees by not only its water content but
also by its conductivity, mineral composition, etc.)

As the remaining microwave energy propagates into the concrete, a portion of the beam will be
completely reflected and scattered as it strikes the top mat of reinforcement. This reflection will also have
a negative polarity, since the dielectric constant of metal is infinite compared with that of the surrounding
concrete. The remaining energy will continue deeper into the concrete slab until a portion of it strikes
the second mat of reinforcement and the same reflection and scattering processes occurs. Eventually,
some portion of the original beam of microwave energy will reach the bottom of the concrete slab, and
some of it will be reflected at the concrete/air interface to give a positive reflection signal. The remainder
will penetrate through this interface and be lost from the receiving antenna.

When the concrete slab is delaminated, usually at the level of the top mat of reinforcement, there is
an additional reflection from the deteriorated section. This additional reflection, usually of negative
polarity, serves as an indicator of the presence of a delamination in the concrete slab.

13.4.1.2 Test Procedures

To inspect concrete members, including bridge decks, an antenna is placed with its transmitting face
parallel to and at a distance from the surface of the concrete. For the inspection of bridge decks, the
distance found to be most suitable is 8 to 12 in. (0.2 to 0.3 m). However, if the concrete member is
relatively thick and the expected deterioration is deep of if the antenna does not have sufficient power



or penetration, the antenna may be placed directly above the concrete. With the various adjustments in
the control unit — such as range, gain, sensitivity, etc. — set at optimum levels, the resulting radar signal
is recorded with a properly calibrated oscillographic recorder. This is often called the static mode of
measurement, since the antenna is stationary with respect to the concrete being inspected.

In the inspection of bridge decks, in which a relatively large concrete area has to be inspected, the
antenna is mounted on the front or the rear of an inspection vehicle, which is also instrumented with a
horizontal distance-measuring device. If a single antenna radar system is used, the vehicle has to make
several passes over each traffic lane from one end of a deck to the other at a selected speed (usually in
the range of 5 to 10 mi/h, or 8 to 16 km/h). During each pass the antenna scans a different area in the
lane. The stream of radar signals are recorded continuously with an instrumentation tape recorder. With
a two-antenna or a multiple-antenna radar system, a single pass may be made over each lane. (It must
be emphasized that when a lane is scanned with a two-antenna radar system in a single pass only, a
significant portion of the lane will be missed.) This procedure creates continuous recordings of the stream
of reflections from the entire depth of the deck along the paths of the antenna. These recordings are
played back at a later time for signal interpretation.

13.4.1.3 Interpretation of Radar Signals

Perhaps the most difficult aspect of the inspection is the interpretation of the radar signals for locating
delaminations or any other defects in the concrete. One procedure that has been used to analyze the
tape-recorded streams of signals consisted of displaying the waveforms on an oscilloscope, photographing
the display with a synchronized shutterless motion picture camera, and then projecting the image in the
film on a viewing screen.15 The image, which resembles “cascading waveforms,” is basically an array of
closely spaced waveforms with topographic features that differentiate delaminated concrete from sound
concrete. 

FIGURE 13.5  Radar echoes from the cross section of a reinforced concrete deck. The presence of a delamination
causes additional reflection of the incident energy.
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An easier procedure that achieved the same effect is to playback the stream of radar signals on a
facsimile graphic recorder,17 which provides a graphic chart similar to that shown in Figure 13.4B. For
an example, Figure 13.6 shows a graphic profile of the radar signals obtained from scanning a 42-ft
(14-m) section of a concrete bridge deck. This section of concrete contained two confirmed delaminations
at the top mat of rebars, which were approximately 4 and 6 ft (1.2 to 1.8 m) long. The delaminations
appeared, in this and other profiles, as recognizable depressions.

The signature for concrete delaminations often assumed the shape of a depression on the graphic
profile (see Figure 13.7), because as the antenna moves over a delamination the major reflection at any
instant would be that part of the microwave beam that is perpendicular to the nearest plane of delami-
nation.19 Although it has not been extensively confirmed by honeycombing, may be distinguished by
other signatures or as irregularities in the graphic profiles. 

FIGURE 13.6  Radar scan of a 42-ft (14-m) section of a concrete bridge deck as displayed on a facsimile graphic
recorder.

FIGURE 13.7  Development of an idealized radar signature (a depression) for a delamination in a concrete deck.
(Echoes from the top mat of rebars are not shown.)
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Although the use of the facsimile recorder is a simple and reasonably effective procedure, it is not
completely objective. Furthermore, it can become cumbersome and time-consuming when large areas
of bridge decks are involved. Consequently, computerized procedures based on simple physical models
of concrete bridge decks have been developed. These models are based on predictions of how the radar
waveform may be affected by such varying physical conditions as the thickness of the concrete over the
top mat of rebars, salt and moisture content, spacing at the rebars, etc.20–24

13.4.1.4 Advantages and Limitations

13.4.1.4.1 Advantages
Radar has some advantages that are very desirable in the inspection of bridge decks and other concrete
structures. Unlike infrared thermography, which has been found to be relatively effective provided proper
ambient conditions exist during inspection,12,13 radar is free of such restriction.

Since radar yields information on the structural profile across the depth of the object being tested, it
is at present the only commercially available nondestructive method for the inspection of concrete bridge
decks that have asphalt overlays, which constitute a significant portion of bridges. Under favorable
conditions, radar can also detect localized loss of bond between the overlay and the concrete, in addition
to detecting delaminations in the concrete.

Since it is unnecessary for the antenna to be in contact with a bridge deck, the disruption to traffic
during radar inspection is minimal.

13.4.1.4.2 Limitations
Some efforts have been made to estimate the accuracy of radar in locating delaminations in bridge decks.
Cantor et al. reported that 90% of the area that was predicted by radar to be distressed in a deck was
confirmed as such as coring, and 91% of the area that was predicted to be sound concrete was confirmed.16

In another study,17 which involved comparison of the results of radar surveys on several bridge decks
performed prior to the removal of the overlays, it was found that on the average radar detected only 80%
of the existing concrete delamination, while falsely identifying 8% of the area tested as delaminated. The
results from both studies indicated that radar occasionally gave an indication of delamination in what
was actually sound concrete. Radar also failed to locate some of the delaminated areas, especially those
that were only 1 ft (0.3 m) wide or less; partly because the strong reflections from the rebars tend to
mask reflections from delaminations, which would be relatively weak when the concrete is dry.

This inaccuracy is partly due to the inherent limitation of current radar antennas to resolve consecutive
reflections arriving at time intervals which are shorter than the characteristic pulse width of the antenna.
Therefore, depending on the dielectric constant of the concrete, the reflection from a small delamination
at the level of rebars that are relatively close to the surface may not be resolved from the reflection at the
surface.

The presence of interfering signals, such as reverberations, in the radar signals from the “bowtie”
antenna is a contributing factor too. Another cause of inaccuracy is the lack of a complete understanding
of the relationship between different radar signatures and the various types of defects that are encountered
in these concrete structures and how these signatures are affected by the condition in the structure,
especially moisture content.

13.4.2 Determination of the Degree of Hydration of Cement

The durability of a concrete is greatly influenced by the degree of hydration attained by he cement.
Therefore, a nondestructive method that can be used satisfactorily for determining the degree of hydra-
tion, especially for in-place concrete at an early age, can be a very useful tool. The use of microwave
radar measurements for this application has not yet received wide interest, which is evidenced by the
scarcity of literature on the topic.

In 1972 Rzepecka et al. reported that it was feasible to test concrete for strength during the curing
process by observing changes in the dielectric property.25 In 1982 Gorur et al. reported the use of
laboratory microwave equipment and a relatively small wave-guide to monitor the curing of cement



paste.26 In 1983 the use of a portable short-pulse radar system to monitor the hydration of concrete
blocks by using reflection measurements was reported.27

13.4.2.1 Principle

When portland cement is mixed with water, the various components in the cement undergo chemical
reactions with the water (hydration) to form the tobermorite gel and other products that provide the
desirable cementing action in a concrete. As these hydration processes progress, some of the mix water
is consumed by the reactions. Since “free” water has a relatively high dielectric constant of 80 in contrast
to approximately 5 for chemically bound water,28 the dielectric properties of concrete at early ages are
very much influenced by the degree of hydration. Therefore, the degree of hydration can be monitored
by continuous measurement of the dielectric properties of the concrete as it cures.

13.4.2.2 Test Procedures

The dielectric property of concrete that is relatively convenient to deal with and simple to measure is its
reflectivity or reflection coefficient. When a microwave beam is directed at the surface of a concrete
specimen, the reflectivity of the concrete is the ratio of the energy reflected from its surface to the incident
energy, in accordance with Equation 13.1.

A simple and effective setup for measuring these parameters is illustrated in Figure 13.8. After a fresh
batch of concrete is mixed, it is placed into a plywood box that is at least 20 in (50-cm) wide by 20 in
(50 cm) long by 3 in. (7.5-cm) deep. After the concrete has been consolidated and trowelled until its
surface is reasonably flat, the antenna is centered 12 in. (30 cm) above the surface of the concrete. (An
open-ended 12-in. (30-cm) high box made of 1-in. (2.5-cm) thick styrofoam is a convenient means of
supporting the antenna above the concrete.) The amplitude of the reflection from the surface of the fresh
concrete (AS) can then be measured with a calibrated oscilloscope or recorded on an oscillographic
recorder. Figure 13.9A shows a typical waveform recorded from a fresh concrete specimen. 

To measure the amplitude of the initial microwave pulse striking the surface of the concrete (AI), a
piece of aluminum plate that measures at least 20 in. 20 in. (50 cm 50 cm) is placed on the surface
of the concrete. (This causes the microwave pulse that would otherwise strike the surface of the concrete
to be completely reflected back to the antenna.) The amplitude AI is similarly measured with an oscil-
loscope or oscillographic recorder. An example of this waveform is shown in Figure 13.9B. The reflection
coefficient, or reflectively, of the fresh concrete can be calculated from the expression

(13.11)

where AOS and AOI are the radar signals traveling through air from the transmitting to the receiving
antenna during the measurements of AS and AI, respectively. These parameters serve as convenient means
to correct for electronic drifts in the radar system. 

If desired, it is also possible to follow the hydration of the cement during curing by measuring the
amplitude of the reflection from the bottom of the concrete. However, owing to the high reflectivity at

FIGURE 13.8  Measurement of the reflection of microwave pulses from the surface of fresh concrete. (The thickness
of the specimen was 3.0 in. [7.5 cm].)
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the surface of concrete and their high attenuation during the first few days after their casting, this reflection
would generally be too weak to observe during that period. This can be remedied by placing aluminum
foil in the bottom of the wooden box before placing the concrete.

These measurements are repeated as often as necessary and for as long as the change in the dielectric
properties if the concrete is significant and of interest. From the measured reflectivity of the concrete
surface at any age, the relative dielectric constant of the concrete (�r2) can be calculated using Equation
13.6, which becomes

(13.12)

since �r1 equals 1.
If there is appreciable bleeding in the concrete, the measured reflectivity may represent the free

water content in the surface layer of the fresh concrete more than the free water in the bulk of the
concrete. In such cases, the dielectric constant of the entire thickness of the concrete specimen can be
indirectly measured, as indicated in Equation 13.10, by using the two-way transit time of the reflection
from the bottom of the specimen. Unfortunately, if the water-cement ratio of the concrete is high, or
the concrete is too thick, or there is too much reinforcement, this reflection may be too weak to detect,
especially during the first few days after the placing of the concrete. In such cases, aluminum foil or
a metal plate can be placed at the bottom of the concrete to enhance the reflection, or the antenna
can be placed directly on top of the concrete,27 or an antenna with more penetration but less resolution
can be used. 

13.4.2.3 Example Test Data

Radar measurements can be utilized to compare concrete made with different types of cement. For
example, Figure 13.10 shows the changes in the observed reflectivities and relative dielectric constants
of two different concrete mixtures, starting 2 h after their mixing and continuing through the first 28
days.29 These concrete mixtures were made with the same aggregates and water-cement ratio (0.48) but

FIGURE 13.9  Waveforms of reflections from: (A) a concrete specimen (AS), and (B) an aluminum plate resting on
top of the concrete (AI).
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with different types of cement (Type II and Type III). The concrete containing Type III cement exhibited
a faster decrease in reflectivity and relative dielectric constant compared with the concrete containing
Type II cement. This difference is a manifestation of the higher content of relatively fast reacting tricalcium
silicate and tricalcium aluminate in Type III cement.

Since the dielectric properties and strength of a concrete are both affected by the same hydration
processes, these properties can be related, if desired. Figure 13.11 shows a correlation of the compressive
strength of each of the above two concrete mixtures, as measured by testing cylinders, which were prepared
from these mixtures, at 1, 2, 4, 7, 10, 14, and 28 days after casting, with their corresponding reflectivities
at the same ages. It can be seen that there was a very strong linear correlation between these two properties,
with a correlation coefficient of 0.97 for all the data combined. 

13.4.2.4 Advantages and Limitations

The standard deviation associated with the measurement of reflectivity, based on triplicate waveforms
that were typically recorded during each measurement, was estimated to be approximately ±0.009. The

FIGURE 13.10  Influence of age on the reflectivity and the dielectric constant of concrete mixtures containing Type
II and Type III cements.
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repeatability of results is sensitive to fluctuation in the measurement setup, especially the position of the
antenna with respect to the concrete surface.

There is indication that the effect of admixtures and pozzolans on the hydration rate of a concrete
may also be manifested in the reflectivity of the concrete surface; therefore, it may be possible to use
radar to supplement other techniques in the study of these materials.

13.4.3 Determination of Water Content in Fresh Concrete

Control of proper water and cement content during concrete batching operations is very important, since
these factors have great influence on the durability of the concrete. Radar has recently been studied as a
rapid and yet reasonably accurate method for determining the water content of fresh concrete mixtures.30

13.4.3.1 Principle

One of the bases for this potential application of radar is the very same principle involved in the
monitoring of cement hydration in concrete. Figure 13.12 shows the observed amplitudes of the reflection
from the bottom of three concrete specimens made with the same materials but of different water-cement
ratios.27,29 These data indicate that the dielectric property of a concrete is dependent on the amount of
unreacted water in the concrete, which in turn is dependent on not only its age but also the amount of
mixing water used. 

The other basis for this potential application is the dependency of the attenuation of microwave pulses,
during its travels through fresh concrete, on the relative dielectric constant of the concrete, as expressed
in Equation 13.8. Since the dielectric constant and, therefore, the tendency of a concrete to attenuate
microwave pulses is directly proportional to its water content, the ability of the concrete to transmit the
microwave pulses must be inversely proportional to its water content.

Therefore, the water content of fresh concrete mixtures may be indirectly determined through mea-
surement of either their microwave reflectivity or their transmission properties.

13.4.3.2 Test Procedures

To measure water content through measurement of reflectivity, the experimental setup discussed earlier
and illustrated in Figure 13.8 can be used. For measurement of transmittance, however, a setup such as
that illustrated in Figure 13.13, which utilized two identical antennas, has been used.30 In this setup, one
antenna functioned only as a transmitter while the other functioned only as a receiver; this arrangement
was made possible through the use of a manufacturer-supplied electronic circuit, “breakout box,” that
interferes with the normal dual functions of each antenna.

Figure 13.14 shows a typical recorded waveform of the microwave energy (AT) that had reached the
receiver after propagating through a layer of fresh concrete. The transmission property of the fresh

FIGURE 13.11  Correlation between the reflectivity and compressive strength of two concrete mixtures with the
same w/c of 0.48 but different types of cement. (Note: 145 psi = 1 MPa).
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concrete was then expressed in terms of a quantity (T), which is defined as the ratio of AT to the amplitude
of the initial microwave pulses striking the surface of the concrete (AI), i.e., 

(13.13)

Immediately after AT was measured, the receiving antenna was disconnected to allow the transmitting
antenna to resume its normal dual function and the measurement of AI according to the procedure that
has been described earlier.

Since the potential benefit of this application is to allow for timely adjustment of the water content
of any batch of fresh concrete mixture, if necessary, the measurement of either reflectivity or transmission
should be performed as soon as the materials are uniformly mixed.

FIGURE 13.12  Influence of age and w/c on the intensity of reflection from the bottom of an 8-in. (20.3-cm) thick
concrete specimen.

FIGURE 13.13  Measurement of transmission through a layer of freshly mixed concrete.

FIGURE 13.14  Waveform of transmission through a layer of fresh concrete.
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13.4.3.3 Example Test Data

Figure 13.15 shows a plot of measured reflectivities of a series of four air-entrained concrete mixtures
vs. their known water-cement ratios.30 These mixtures contained the same amounts of fine and coarse
aggregates, cement, and air-entraining agent; the only variable is the amount of mix water, or water-
cement ratio, which ranged from 0.45 to 0.60. (Since the amount of cement used in these mixtures was
constant, the water contents of these mixtures were expressed in terms of water-cement ratios.) It is
evident that there is a reasonably good linear correlation between these parameters.

If instead of reflectivity, the measured transmission through these same concrete mixtures was corre-
lated with their water-cement ratio (see Figure 13.16), a strong inverse linear relationship between these
parameters was obtained.30

13.4.3.4 Advantages and Limitations

The use of radar to determine the water content of fresh concrete is a relatively new application and
therefore has not been studied extensively yet. In perhaps the only study conducted to date, it was reported
that, for the procedure used, the error associated with the measurement of water-cement ratio by the
reflectivity method was estimated to be less than ±0.038 (at a 95% confidence level); and the standard
deviation was ±0.011.30 Although this degree of accuracy does not compare favorably to those reported
for the modified Kelly-Vail method and the microwave-oven drying method,31 which have received
extensive study in the last several years, the method has merit and should be studied further to improve
its reliability. 

FIGURE 13.15  Relationship between reflectivity and w/c for concrete mixtures (containing Type II cement, granite
aggregates, air-entraining agent, and water reducer) at about 3 min after mixing.

FIGURE 13.16  Relationship between transmission value and w/c for concrete mixtures (containing Type II cement,
granite aggregates, air-entraining agent, and water reducer) at about 3 min after mixing.
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The error that was associated with the use of the transmission method to measure water-cement ratio
was estimated to be ±0.024, at a 95% confidence level; with a standard deviation of ±0.005.30 This accuracy
is better than that corresponding to the reflectivity method and at least equal to that of the modified
Kelly-Vail method.

A disadvantage with either of these radar methods is that a calibration line is probably necessary for
every combination of materials used, because it appears that the type of cement, aggregate, and additive
used can influence the parameters in the relationship between water content and reflectivity or trans-
mission value.

The potential advantages of these radar methods are their speed and simplicity. The necessary handling
of the fresh concrete sample prior to the use of either procedures is minimal, since it involves only
transferring sufficient amount of the fresh concrete into a suitable sample container and consolidation
of the concrete. After a calibration line appropriate to the selected concrete materials has been established,
the actual measurement of either reflectivity or transmission usually requires less than 30 s, which is
faster than even the fastest of the two nonradar methods, which requires at least 15 min.

Another potential advantage is that these methods are amenable to automation. In a large capacity
ready-mix plant, the procedure could conceivably be setup in such a manner that either the reflectivity
or the transmission of fresh concrete could be measured automatically and continuously with the aid of
microprocessors along a production line.

13.4.4 Measurement of Thickness

In the construction of concrete pavements, strict compliance with the specified minimum slab thickness
is important in ensuring long service life for the new pavements. To ensure compliance, cores are extracted
at specified intervals in each newly constructed lane for direct measurement. In addition to being time
consuming and costly, this destructive inspection method creates undesirable discontinuities in the
pavements. Radar has been tested as a possible alternative for this application.32

13.4.4.1 Principle

According to Equation 13.10, assuming that the dielectric constant of a concrete slab is uniform and
known, the two-way transit time of microwave pulses through the concrete is directly proportional to
the thickness of slab.

13.4.4.2 Test Procedure

There are two ways by which this relationship may be applied in the nondestructive measurement of
concrete slab thickness. First, the relative dielectric constant of the concrete at each test location can be
calculated from the measured surface reflectivity. Then, the thickness of the slab at that location can be
calculated from this relative dielectric constant and the measured two-way transit time.

The second approach involves the establishment of a suitable calibration line to relate slab thickness
and the two-way transit time. From a review of the reflection waveforms recorded for all randomly
selected test locations, several locations that appear to provide a suitable range of measured two-way
transit times are selected for direct measurements of slab thickness by coring or any other preferred
method. Then the measured slab thicknesses and transit times at these selected locations are correlated
through a linear regression analysis to establish the calibration line from which the thickness of the slab
at all other test locations may be estimated.

The first approach is susceptible to error, because the relative dielectric constant as determined from
the surface reflectivity may not be representative of the entire thickness of the concrete. The second
approach is susceptible to error too, because it assumes that the relative dielectric constant of the concrete
is uniform at all test locations.



13.4.4.3 Example Test Data

Figure 13.17 shows the reflection waveform recorded for one of 51 locations in a continuously reinforced
concrete pavement where the use of radar to determine slab thickness was studied.32 This waveform
consists of the reflections from the surface of the pavement, from the rebars, and from the bottom of
the slab, and sandwiched between the latter two reflections is the reverberation from the rebars.

In the investigation, a calibration line was established from the cores and radar data at seven locations
selected from the 51 locations. Using the resulting calibration line, the thickness of the concrete slab at
each of the remaining locations was estimated from its respective measured transit times. Figure 13.18
shows that these estimates compare favorably with the lengths of the cores, with absolute errors ranging
from 0.0 to 0.9 in. (0.0 to 2.25 cm). This presence of a range of errors likely reflects the fallacy of the
assumption, that the concrete at all locations have the same relative dielectric constant, which is inherent
in this procedure. Further, some of these errors exceeded the ±0.25 in. (0.63 cm) that is considered
acceptable for compliance testing.  

13.4.4.4 Advantages and Limitations

The success of thickness measurement using radar depends on a reasonably detectable reflection from
the backside (or the bottom) of the concrete member (or slab), because this allows for the precise
identification of the reflection and, therefore, the accurate measurement of the transit time. Conditions
that would prevent the reflection from being precisely detected include the presence of reinforcement,
relatively high attenuation of the microwave pulses by the concrete, insufficient difference between the
relative dielectric constants of the concrete and the subbase, and slabs that are too thick. 

FIGURE 13.17  Radar echoes recorded at a test location on a continuously reinforced concrete pavement.

FIGURE 13.18  Comparison between concrete slab thickness as determined by coring and by radar using a calibra-
tion line. (Note: 1 in. = 25.4 mm.)
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For some pavements, it is likely that there may be only small differences between the relative dielectric
constants of the concrete and the subbase materials, so that this reflection would be very weak and
difficult to identify, particularly when the concrete has cured long enough that its dielectric constant has
approached that of the subbase. Consequently, prior to an actual inspection, it is difficult to predict how
precise the radar will be in measuring the thickness of a particular pavement. 

It is possible that the reflection may be more pronounced, if the measurement is made during the
period between 3 to 10 days after the concrete is placed — when its relative dielectric constant is still
relatively high (see Figure 13.10) and its ability to attenuate microwave pulses is probably low enough.

13.5 Standardization of Short-Pulse Radar Methods

ASTM Committee D04 on Road and Paving Materials has adopted two standard test methods on the use of
short-pulse (or ground-penetrating) radar for pavement and bridge deck evaluation. One method, ASTM D
4748, was originally adopted in 1987 and is used to determine the thickness of “bound” pavement layers.33

Bound pavement layers are the upper layers of a pavement system and consist of materials such as portland
cement concrete or bituminous concrete. The procedure is based on the principles discussed in Section 13.4.4.
The significance and use statement of the 1998 version of the test method is as follows:

3.1 This test method permits accurate and nondestructive thickness determination of bound pavement
layers. As such, this test method is widely applicable as a pavement system assessment technique.

3.2 Although this test method, under the right conditions, can be highly accurate as a layer-thickness
indicator, consistently reliable interpretation of the received radar signal to determine layer thick-
nesses can be performed only by an experienced data analyst. Such experience can be gained
through use of the system and through training courses supplied by various equipment manufac-
turers or consulting companies. Alternatively, the operator may wish to use computer software to
automatically track the layer boundaries and layer thickness, where applicable.

The other method, ASTM D 6087, was originally adopted in 1997 and is used to detect delaminations
in concrete bridge decks covered with asphaltic concrete wearing surfaces.34 The principles involved in
the use of short-pulse radar to detect delaminations were covered in Section 13.4.1. The test method
recommends the attenuation technique for analyzing recorded signals. In this approach, the amplitude
of the echo signal from the bottom of the slab is used as an indicator of the presence of a delamination.
When the bottom echo amplitude is less than a specified fraction of the maximum amplitude from all
scans, a delamination is likely to be present. The significance and use section of the 2003 version of the
test method is as follows:

3.1 This test method provides information on the condition of concrete bridge decks overlaid with
asphaltic concrete without necessitating removal of the overlay, or other destructive procedures.

3.2 A systematic approach to bridge deck rehabilitation requires considerable data on the condition
of the decks. In the past, data has been collected using the traditional methods of visual
inspection supplemented by physical testing and coring. Such methods have proven to be
tedious, expensive and of limited accuracy. Consequently, radar provides a mechanism to
rapidly survey bridges in a noncontact, nondestructive manner.

3.3 Information on the condition of asphalt-covered, concrete bridge decks is needed to estimate
bridge deck condition for maintenance and rehabilitation, to provide cost-effective information
necessary for rehabilitation contracts.

13.6 Conclusions

Short-pulse radar is proving to be a powerful scientific tool with a wide range of applications, including
the nondestructive detection of delaminations in bare or overlaid reinforced concrete bridge decks. Its



accuracy and ability to detect other types of defects existing in concrete bridge decks and other structures
need improvement, and it is believed that this can be achieved through improvements in the resolution
of the antenna and by increasing the understanding of the various radar signatures encountered in these
structures. 

In addition to the detection of delaminations in concrete, radar shows potential for other applications
such as the monitoring of cement hydration or strength development in concrete, the study of the effect
of various admixtures and additives on concrete, the rapid determination of water content in fresh
concrete, the measurement of the thickness of concrete members, and the locating of rebars. These
potential applications have not yet received wide attention, as is evident in the scarcity of literature.
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14.4 Summary

This chapter presents a review of nondestructive testing methods based on the use of stress waves. The
pulse-echo, impact-echo, impulse-response, and spectral analysis of surface waves techniques for evalu-
ation of concrete are discussed. The principles, test procedures, signal processing, and representative
applications of each method are presented. It is shown that the common feature of the methods is that
inferences about internal conditions of concrete structures are made based on the effect that the structure
has on the propagation of stress waves. The methods differ in the source of the stress waves, the testing
configuration, instrumentation, the characteristics of the measured response, and the signal processing
techniques that are used. These differences make each method particularly suitable for specific applica-
tions. This chapter supplements Chapter 8 on the ultrasonic pulse velocity method.

14.1 Introduction

Except for visual inspection, the use of acoustic methods is the oldest form of nondestructive testing.
Striking an object with a hammer and listening to the “ringing” sound is a common way of detecting
the presence of internal voids, cracks, or delaminations. The method is subjective, as it depends on the
experience of the operator, and it is limited to detecting near-surface defects. Despite these inherent
limitations, sounding is a useful method for detecting near-surface delaminations, and a standard practice
is available.1 The sounding technique is not discussed any further in this chapter.

In 1929, Solokov in the then U.S.S.R. first suggested the use of ultrasonic waves to find defects in metal
objects.2 It was, however, not until World War II spurred the development of sophisticated electronic
instrumentation in the 1940s that significant progress was made. Ultrasonic** pulse-echo flaw detectors
were first introduced in 1942 by Firestone of the University of Michigan and, independently, by Sproule

*Contribution of the National Institute of Standards and Technology; not subject to copyright in the United States.
This chapter is a revision of the chapter co-authored with Mary J. Sansalone in the previous edition of this handbook.

**Ultrasonic refers to sound waves with frequencies above the audible range, which is generally taken to be about
20 kHz. Most ultrasonic pulse-echo devices operate at 1 MHz or greater.

Nicholas J. Carino
National Institute of Standards 
and Technology



in England. Since that time, ultrasonic pulse-echo testing of metals, plastics, and other homogeneous
materials has developed into an efficient, reliable, and versatile nondestructive test method.3

The development of echo-techniques and equipment for ultrasonic evaluation of less ideal materials,
such as concrete, has been hindered by the difficulties inherent in obtaining and interpreting a signal
record from a heterogeneous material. Because high-frequency (1 MHz or greater) stress pulses cannot
penetrate far into concrete, none of the commercially available transducers is satisfactory for pulse-echo
testing of concrete. An alternative approach is to generate low-frequency stress waves using mechanical
impact. Several techniques have been developed for testing concrete, and are being used in field inspec-
tions. Standard test methods have been adopted for some of these methods, as discussed below.

This chapter begins with a review the basic principles of stress wave propagation in solids. Next, the
methods that are used for evaluation of concrete structures are discussed. Test procedures, signal pro-
cessing, and representative applications of each method are presented.

14.2 Basic Principles

This section provides background information on elastic wave propagation in solids, which is applicable
to the techniques to be discussed. It supplements the discussion in Chapter 8 on the ultrasonic pulse
velocity method.

14.2.1 Wave Types
When a stress is applied suddenly to the surface of a solid, the disturbance that is generated travels
through the solid as stress waves, which are analogous to sound waves traveling through air. There are
three primary modes of stress wave propagation through isotropic, elastic media: dilatational, distor-
tional, and Rayleigh waves. Dilatational and distortional waves, which are commonly referred to as
compression and shear waves, or P- and S-waves, are characterized by the direction of particle motion
with respect to the propagation direction of the disturbance, or the wave front. In a P-wave, particle
motion is parallel to the propagation direction; in the S-wave, particle motion is perpendicular to the
propagation direction. A P-wave is associated with normal stress, while an S-wave is associated with
shearing stress. P-waves can propagate in all types of media; S-waves can propagate only in media with
shear stiffness, that is, in solids. A Rayleigh wave, also called a surface wave or R-wave, propagates along
the surface of a solid, and particle motion is retrograde elliptical.

The wave front defines the leading edge of a stress wave as it propagates through a medium. There
are three idealized types of wave fronts: planar, spherical, and cylindrical. The shapes of the P-, S-, and
R-wave fronts depend on the characteristics of the source used to generate the waves. For example, when
the stress waves are generated by impact at a point on the surface of a solid, the resulting P- and S-waves
travel into the solid along hemispherical wave fronts, and the R-wave travels away from the impact point
along a cylindrical wave front.

14.2.2 Wave Speed
In most applications of stress wave propagation, the input is a pulse of finite duration and the resulting
disturbance propagates through the solid as transient waves. The propagation of transient stress waves
through a heterogeneous bounded solid, such as a structural concrete member, is a complex phenomenon.
A basic understanding of the relationship between the physical properties of a material and the wave
speed can be acquired from the theory of wave propagation in infinite, isotropic, elastic media.4

In infinite elastic solids, the P-wave speed, Cp, is a function of Young’s modulus of elasticity, E, the
density, , and Poisson’s ratio, :
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In bounded solids, such as thin plates or long rods, P-wave speed can vary depending on the lateral
dimensions of the solid relative to the component wavelength(s) of the propagating wave. For rodlike
structures, such as piles, P-wave speed is independent of Poisson’s ratio if the rod diameter is much less
than the wavelength(s) of the propagating wave.5 In this case, the P-wave speed is called the bar-wave
speed, Cb, and is given by the following equation:

(14.2)

For a Poisson’s ratio of 0.2, a typical value for concrete, the P-wave speed in an infinite solid is 5% higher
than the bar-wave speed in a long thin rod.

The S-wave speed, Cs, in an infinite solid is given by the following equation:

(14.3)

where
G = shear modulus of elasticity = E/2(1– )

A useful parameter is the ratio, , of the S- to P-wave speeds:

(14.4)

For a Poisson’s ratio of 0.2, is 0.61.
R-waves propagate at a speed, CR, that is given by the following approximate formula:6

(14.5)

For Poisson’s ratio of 0.2, the R-wave speed is 92% of the S-wave speed, or 56% of the P-wave speed.

14.2.3 Reflection and Refraction

When a P- or S-wave front is incident on a boundary between dissimilar media, “specular” reflection
occurs. (The term specular reflection is used since the reflection of stress waves is similar to the reflection
of light by a mirror.) As shown in Figure 14.1A, stress waves can be thought of as propagating along ray
paths. The geometry of ray reflection is analogous to that of light rays, that is, the angle of reflection of
any ray is equal to the angle of incidence, , for that ray. 

At a boundary between two different media only a portion of a stress wave is reflected. The remainder
penetrates into the underlying medium (wave refraction). The angle of refraction, , is a function of the
angle of incidence, , and the ratio of wave speeds, C2/C1, in the different media, and is given by Snell’s law:

(14.6)

Unlike light waves, however, stress waves can change their mode of propagation when striking a
boundary at an oblique angle. Depending on the angle of incidence, a P-wave can be partially reflected
as both P- and S-waves and can be refracted as both P- and S-waves. Since an S-wave propagates at a
lower speed than a P-wave, it will reflect and refract at angles (determined using Snell’s law), s and s ,
that are less than the angles of reflection and refraction for a P-wave, as shown in Figure 14.1B.
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The relative amplitudes of reflected waves depend on the mismatch in specific acoustic impedances
at the interface, the angle of incidence, the distance of an interface from the pulse source, and the
attenuation along the wave path. The influence of each of these factors is considered in the following
discussion.

The portion of an incident ray of a P-wave that is reflected at an interface between two media depends
on the specific acoustic impedances of each medium. The specific acoustic impedance, Z, of a medium is

(14.7)

Specific acoustic impedance values for P-waves in selected materials are given in Table 14.1.7 Equation
14.7 is also valid for S-waves if the S-wave speed is used to calculate specific acoustic impedance. 

FIGURE 14.1  The behavior of a P-wave incident on an interface between two dissimilar media: (A) reflection and
refraction; (B) mode conversion.

TABLE 14.1 Specific Acoustic Impedances

Material
Density 
(kg/m3)

P-Wave Speed
(m/s)

Specific Acoustic 
Impedance
(kg/m2 s)

Air
Concretea

Granite
Limestone
Marble
Quartzite
Soil
Steel
Water

1.205
2300
2750
2690
2650
2620
1400 2150
7850
1000

343
3000–4500
5500–6100
2800–7000
3700–6900
5600–6100
200–2000
5940
1480

0.413
6.9–10.4 106

15.1–16.8 106

7.5–18.8 106

9.8–18.3 106

14.7–16.0 106

0.28–4.3 106

46.6 106

1.48 106

a The density of concrete depends on the mixture proportions, the
relative densities of the mixture ingredients, and moisture content.
The given density is a typical value for ordinary normal density
concrete.
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The amplitude in a reflected ray is maximum when the angle of incidence of the ray is normal to the
interface. For normal incidence, the amplitude of the reflected ray relative to the amplitude of the incident
ray can be determined using the following equation:

(14.8)

where
Rn = the reflection coefficient for normal incidence
Z1 = the specific acoustic impedance of medium 1
Z2 = the specific acoustic impedance of medium 2

If Z1 is greater than Z2, Rn is negative, indicating that the reflected wave will have the opposite sign, that
is, a phase change occurs. This means that the stress changes sign. For example, if the stress in an incident
P-wave is compressive, the stress in the reflected P-wave is tensile. If Z2 is greater than Z1, no phase change
occurs.

For incident angles other than normal to an interface, the reflection coefficients depend on the angle
of incidence, and they can be determined using the formulas in Krautkramer and Krautkramer,8 which
are applicable for plane waves (wave front is a plane) incident on plane boundaries. The formulas in
Reference 8 were used to calculate the P-wave reflection coefficients for a concrete/air interface, which
are shown in the upper left of Figure 14.2. It is assumed that the incident wave has amplitude equal to
unity. A similar figure can be constructed for an incident S-wave.9 Figure 14.2 is composed of three
graphs. The graph in the upper left gives the reflection coefficients, RP , for the reflected P-wave. The
graph in the lower right gives the reflection coefficients, Rs, for the mode-converted S-wave. The graph
in the upper right gives the angular relationship between the incident wave and the mode-converted
wave, which is determined by Snell’s law. The drawing in the lower left shows an illustrative example.
Note that for rays of a P-wave with low angles of incidence, RP is approximately equal to one and Rs is
small. This is important in the application of the impact-echo method to be discussed.

In the previous discussion it was assumed that reflection and refraction of wave fronts occurred at
planar interfaces between two dissimilar media. This type of analysis is also applicable to flaws or
discontinuities within a medium. The ability (sensitivity) of stress wave propagation methods to detect
flaws or discontinuities depends on the component frequencies (or wavelengths) in the propagating wave
and on the size of the flaw or discontinuity. A general rule is that to be detectable, the size of flaw must
be approximately equal to or larger than the wavelengths in the propagating wave. Wave speed, C,
frequency, f, and wavelength, , are related by the following equation:

(14.9)

For example, to detect a flaw with a diameter of about 0.1 m, it is necessary to introduce into the concrete
(P-wave speed of about 4000 m/s) a stress pulse that contains frequencies greater than approximately 40
kHz (wavelengths less than approximately 0.1 m).

As a wave propagates through a solid its amplitude decreases with path length due to attenuation
(scattering and absorption) and divergence (beam spreading). Divergence causes the amplitude of spher-
ical waves to decrease in proportion to the inverse of the distance from the source. In evaluation of
concrete, low-frequency (long-wavelength) waves must be used to reduce the attenuation of wave energy
due to scattering (reflection and refraction from mortar aggregate interfaces). If the wavelength of the
propagating wave is less than the size of the aggregate, the mismatch in acoustic impedances between
mortar and aggregate particles scatters incident waves at each mortar–aggregate interface. For example,
if the maximum size aggregate is 25 mm in a concrete with a P-wave speed of 4000 m/s, frequencies
lower than 4000/0.025 = 160 kHz should be used to reduce scattering. The concrete will appear homo-
geneous to these lower frequency waves. Use of low-frequency waves, however, reduces the sensitivity of

R
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the propagating waves to small flaws. Thus, there is an inherent limitation in the flaw size that can be
detected within concrete using stress wave propagation methods.

14.3 Test Methods

Several test methods based on stress wave propagation are used for nondestructive testing of concrete
structures. The echo methods (impact-echo and pulse-echo) are used for thickness measurements, flaw
detection, and integrity testing of piles. The impulse-response method is also used to test piles and slablike
structures. The spectral analysis of surface waves (SASW) method is used to determine the thickness of
pavements and elastic moduli of layered pavement systems. The following sections describe the principles
of these methods, the required test equipment, and the signal processing techniques. Typical applications
for each method are presented.

14.3.1 Pulse-Echo

14.3.1.1 Principle

In the traditional pulse-echo method,3 a transmitter introduces a stress pulse into an object at an accessible
surface. The pulse propagates into the test object and is reflected by flaws or interfaces. The surface
response caused by the arrival of reflected waves, or echoes, is monitored by either the transmitter acting
as a receiver (true pulse-echo) or by a second transducer located near the pulse source (pitch–catch).
Figure 14.3 illustrates the principle of these echo methods. The receiver output is displayed on a display
device, and the display is called a time-domain waveform. By using the time base of the display, the
round-trip travel time of the pulse is determined. If the wave speed in the material is known, this travel
time can be used to determine the depth of the reflecting interface using the following equation:

FIGURE 14.2  Reflection coefficients at a concrete/air interface for an incident P-wave as a function of the incidence
angle (Poisson’s ratio = 0.2).7
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(14.10)

where
t = the round-trip travel time

T = the depth
Cp = the P-wave speed

The factor of one half is used because the actual depth is one half the travel path of the wave. This
equation is approximate for a pitch–catch system and is applicable only if the separation between the
sending and receiving transducers is small. 

14.3.1.2 Signal Processing

Time-domain analysis has been used exclusively in all applications where pulse-echo or pitch–catch
methods have been used to test concrete structures. Figure 14.4 shows a waveform obtained from a 0.235-
m-thick concrete slab using an experimental pitch–catch test system.10 The start of the transmitted pulse
and the arrival of the P-wave echo reflected from the bottom of the slab are indicated on the waveform
by the letters A and C, respectively. Using the time base of the display, the elapsed time, t, between
points A and C was determined to be 106 s. Therefore, solving for CP in Equation 14.10, the P-wave
speed is 4430 m/s. 

FIGURE 14.3  Schematic of pulse-echo and pitch–catch techniques.

FIGURE 14.4  Waveform obtained from pitch–catch test on concrete slab. (Adapted from Reference 10.)
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14.3.1.3 Instrumentation

The key components of a pulse-echo or pitch–catch test system are the transmitting and receiving
transducer(s) and the system that is used to record and display waveforms.

The majority of modern transducers use piezoelectric materials to generate and receive stress waves.
Generally, these materials are manufactured ceramics such as lead zirconate titanate (PZT) and lead
metaniobate. A piezoelectric material subjected to an electrical field will change dimension suddenly,
and then it will oscillate and gradually “ring down” to its initial state. Conversely, a piezoelectric material
subjected to deformation generates an electrical charge that is proportional to the applied strain. Thus,
a single transducer can be used for both generation and reception of stress waves. A fluid couplant, such
as oil, grease, or other viscous fluid, is needed between the transducer and the test object to transmit
and receive the low-amplitude stress waves used in pulse-echo testing.

When a transmitting transducer is excited by a high-voltage pulse, its vibration time-history is approx-
imately that of a damped sinusoidal curve. The vibration has a characteristic (or resonant) frequency.
When a single transducer is used as the transmitter and receiver, the transmitted pulse must be sufficiently
short so as not to overlap with the arrival of the echoes. The transducer must be damped or the “ringing”
(vibrations) of the piezoelectric element will render it unresponsive to echoes. The more heavily a
transducer is damped, however, the less sensitive it is to the displacements caused by the arrival of echoes.
Thus, an acceptable balance must be achieved in the design and construction of a piezoelectric pulse-
echo transducer. The development of a suitable pulse-echo transducer for testing concrete is a difficult
undertaking. Although some success has been reported,11 most researchers have resorted to pitch–catch
systems. In this case a heavily damped transducer is used to send the pulse, and a lightly damped
transducer is used to receive the echoes.

The following discussion summarizes some of the considerations in the design of ultrasonic transducers
used as pulse sources. Most of the energy transmitted into the test object is contained within a cone-shaped
region that has its apex at the transducer. The ratio of transducer diameter, d, to the wavelength of the
transmitted waves, , determines the radiation pattern of the stress pulse. Figure 14.5 shows the directional
characteristics in concrete for d/ = 4, d/ = 1, and d << (a point source). These figures represent the
variation of the wave amplitude with the direction of radiation. The radial distances from the origin to the
curves represent the relative amplitude, and it is seen that the highest amplitude occurs in the direction of
the transducer axis. As d/ decreases, the apex angle of the cone increases; that is, the directionality of the
pulse decreases. With decreasing directionality, the pulse probes a greater volume of material, and it becomes
more difficult to identify the boundaries of internal defects as the transducer is scanned across the test
object. It is generally much simpler to interpret test results using a transducer that emits a focused beam
(d/ = 4). If a 100-kHz focused transducer (d/ = 4) were to be used to evaluate concrete with a P-wave
speed of 4000 m/s, the transducer must have a diameter of 0.16 m, which is quite large. This shows the
inherent difficulty in trying to develop a successful pulse-echo system for concrete. 

In summary, low-frequency transducers are needed for testing concrete. It is difficult, however, to
construct low-frequency transducers that generate short-duration, focused stress pulses. As illustrated in
the previous example, the size of the required transducer becomes large, which makes the transducer
cumbersome and creates difficulties in coupling the transducer to the surface of concrete. Because of
these difficulties, there are no commercially available transducers for pulse-echo testing of concrete in
the field.

An alternative approach is to replace the transmitting transducer with a mechanical impactor. Although
this has the disadvantage of producing a nonfocused spherical wave front, it has the advantage of
simplicity and providing high-energy input. This procedure has been incorporated into ASTM D 5882,12

a test method for integrity testing of piles. In these applications, the test object is essentially a slender
rod and the wave energy is naturally focused by the side boundary of the pile.

14.3.1.4 Applications

Since the early 1960s, experimental pulse-echo and pitch–catch systems have been developed for concrete.
Successful applications have been limited to measuring the thickness of thin slabs, pavements, and walls,



measuring the length of piles, and, in one instance, locating surface-opening cracks in submerged
structures. Each of these applications is reviewed in the following paragraphs. For specific details on the
construction and characteristics of the various transducers, the reader is referred to the cited references.

In 1964, Bradfield and Gatfield13 of England reported the development of an echo technique for
measuring the thickness of concrete pavements. Using two 100-kHz resonant transducers (0.16 m tall,
0.10 m wide, and 0.25 m long) in a pitch–catch arrangement, they were able to measure the 0.3-m
thickness of a concrete specimen with an accuracy of 2%. This system could not be field-tested because
of the impracticality of the test configuration. Besides being bulky, the transducers were coupled to the
concrete by a large plastic block that required a smooth flat concrete surface for good coupling. Difficulties
were also reported in obtaining reflections from roughly textured bottom surfaces.

In 1968, Howkins, et al.14 at IIT Research Institute independently investigated available echo techniques
in an attempt to identify a feasible method for pavement thickness measurements. Using a pitch–catch
technique similar to that developed by Bradfield and Gatfield, the IIT researchers were able to measure
the thickness of 0.18- and 0.25-m-thick portland cement concrete slabs and 0.13-m-thick asphalt concrete
slabs with an accuracy of 2%. It was concluded, however, that the transducer arrangement was not
practical for field use.

A pitch–catch system was developed at The Ohio State University in the late 1960s to measure pavement
thickness.15 A large transmitter was needed to produce a focused pulse with a low resonant frequency.
The transmitter was a hollow cylinder, with a 0.46-m outer diameter, a 0.15-m inner diameter, and a
200-kHz resonant frequency. The receiving transducer was placed at the center of the transmitter.
Thicknesses were measured with accuracies of 3% at more than 90% of the pavement test locations.
The accuracy and good performance of the Ohio State thickness gauge was confirmed in independent
field tests conducted in 1976 by Weber et al.16 They concluded that the Ohio State instrument needed to
be redesigned to better withstand the rigors of field use before it could be considered as practical
nondestructive testing equipment.

Claytor and Ellingson17 at Argonne National Laboratory attempted to use a pulse-echo system to
measure the thickness of 0.305-m thick refractory concrete specimens. It was found that for frequencies
below 100 kHz, the use of a single transducer was impractical because the ringing after transducer
excitation obscured the echo signal. Tests were also carried out using two transducers in a pitch–catch
arrangement; however, the transmitting transducer generated strong R-waves that interfered with the
reception of the echo signal by the receiving transducer. To reduce R-wave interference, large-diameter
(0.18-m) transducers were constructed. As the response of a transducer is an averaged phenomenon over
the contact area, the sensitivity of a larger diameter transducer to localized surface disturbances (R-waves)
was reduced and the thickness of the concrete specimens could be determined.

FIGURE 14.5  Polar diagrams of radiation patterns for transducers with various ratios of diameter to wavelength
(Poisson’s ratio = 0.2).
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In 1977, Forrest18 at the Naval Civil Engineering Laboratory reported the use of a pulse-echo system
for measuring the length of concrete piles. A large transducer with a resonant frequency of 12 kHz was
used to measure the length of piles up to 24 m. A pulse-echo system works for long piles because there
is sufficient time for transducer ringing to dampen before a reflection from the bottom of the pile arrives.

In 1984, Smith19 demonstrated that R-waves could be used to detect surface opening cracks in sub-
merged concrete structures, such as concrete tanks and offshore structures. Two 500-kHz, 0.025-m-
diameter, P-wave transducers were used as transmitter and receiver. When a transmitted P-wave strikes
the surface of a submerged solid at a critical angle (defined by Snell’s law, Equation 14.6), mode conversion
occurs producing an R-wave that propagates along the solid–liquid interface. As the R-wave propagates,
mode conversion also occurs, producing a P-wave that radiates into the liquid at the same critical angle.
The receiving transducer picks up this P-wave. The distance between the two transducers can be adjusted
to optimize the amplitude of the received signal. If the path of the propagating R-wave is crossed by a
crack, reflection occurs and the receiving transducer will not pick up a signal. If a crack is favorably
oriented (a crack at 90 to the propagating wave is the best orientation), the P-wave produced by mode
conversion of the reflected R-wave will be picked up by the transmitting transducer. From an analysis of
the received signals obtained from a complete scan, that is, from moving the transducers parallel to and
over the surface of the test object in a prearranged pattern, surface opening cracks were located.

In 1983, Thornton and Alexander10,20 at the U.S. Army Engineer Waterways Experiment Station
(WES) developed a pitch–catch system, concentrating their efforts mainly on transducer develop-
ment. Their system used a transmitting transducer made of four plates of lead metaniobate forming
a 120-mm square. The mosaic transducer had high damping and a resonant frequency of about 190
kHz. The receiver was made of PZT. The transducers were coupled to the concrete with castor oil,
and a relatively flat surface was needed to achieve proper coupling of the transducer faces. Slab
thickness measurements up to 0.25 m were reported.10,20 Figure 14.4, presented earlier, is an example
of a measurement made using the WES pitch–catch system.

14.3.2 Impact-Echo

The idea of using impact to generate a stress pulse is an old idea that has the great advantage of eliminating
the need for a bulky transmitting transducer. The stress pulse generated by impact at a point, however,
does not have the directionality of a pulse from a large-diameter transducer. The energy propagates into
a test object in all directions, and reflections may arrive from many directions. For this reason, impact
methods are used primarily for testing piles. The pile boundary acts as a waveguide and confines most
of the energy within the pile. In the 1980s, Sansalone and Carino7 developed an impact method for
testing of thin concrete structures, and they coined the term “impact-echo” to describe their technique.

14.3.2.1 Principle

The principle of the impact-echo technique is illustrated in Figure 14.6. A stress pulse is introduced into a
test object by mechanical impact on the surface. The stress pulse propagates into the object along spherical
wave fronts as P- and S-waves. In addition, a surface wave (R-wave) travels along the surface away from the
impact point. The P- and S- stress waves are reflected by internal interfaces or external boundaries. The
arrival of these reflected waves, or echoes, at the surface where the impact was generated produces displace-
ments that are measured by a receiving transducer and recorded by a data acquisition system. Because of
the radiation patterns associated with P- and S-waves,7,9 if the receiver is placed close to the impact point,
the waveform is dominated by the displacements caused by P-wave arrivals. As discussed below the success
of the method depends, in part, on using an impact of the correct duration. 

14.3.2.2 Signal Analysis

A pulse generated by impact is composed of low-frequency waves that have the ability to penetrate
concrete. For a point source, however, the pulse propagates in all directions (Figure 14.5C) rather than
as a focused beam such as in ultrasonic pulse-echo systems. If a ray strikes a favorably oriented reflector



within a test object, the ray is reflected back to the receiver and a surface displacement is recorded. The
waveform can be simple or complex depending on the test object. Interpretation of waveforms in the
time domain using Equation 14.10 as described above has been successful for long slender structures,
such as piles and drilled shafts. These types of structures are waveguides; that is, the geometry of the
structure acts to focus the energy in the propagating wave within a narrowly defined boundary. In
addition, there is sufficient time between the generation of the stress pulse and the reception of the wave
reflected from the bottom surface or from an inclusion or other flaw so that the arrival time of the
reflected wave is generally easy to determine even if long duration impacts produced by hammers are
used. An example of a waveform obtained from an impact test of a pile is shown in Figure 14.7.21 In this
example, an accelerometer is used as the receiving transducer. Time zero in the waveform is the start of
the impact. The R-wave produced by the impact caused the first set of peaks, and the echo from the
bottom of the 15.3-m pile gives rise to the second set of lower-amplitude peaks. The time from the start
of the impact to the arrival of the echo is about 7.5 ms. When applied to testing piles, this impact method
is generally referred to as “low strain integrity testing” and is described in ASTM D 5882.12

For relatively thin structures such as slabs and walls, time-domain analysis is feasible if short-duration
impacts are used, but it is time-consuming and can be difficult depending on the geometry of the
structure.7,9,22 An alternative approach, which is much quicker and simpler, is frequency analysis of the
displacement waveforms.23–25 The principle of frequency analysis is as follows. In Figure 14.6, the stress
pulse generated by the impact propagates back and forth between the flaw and the top surface of the
plate. Each time the pulse arrives at the top surface it produces a characteristic downward displacement.

FIGURE 14.6  Principle of the impact-echo method.

FIGURE 14.7  Waveform from impact test of a pile. (Adapted from Reference 21.)
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Thus, the waveform is periodic, and the period is equal to the travel path, 2T, divided by the P-wave
speed. Because frequency is the inverse of the period, the frequency, f, of the characteristic displacement
pattern is

(14.11)

where Cpp is the plate P-wave speed determined from an impact-echo test on a part of the structure of
known thickness. Thus, if the dominant frequency in a waveform can be determined, the thickness of
the plate (or distance to a reflecting interface) can be calculated:

(14.12)

In the early research7 leading to the development of the impact-echo method, it was assumed that the
wave speed across the thickness of the plate is the same as the P-wave speed in a large solid, as given by
Equation 14.1. Subsequent, and more rigorous, research26 led to the conclusion that the wave speed across
the thickness of the plate was approximately 96% of the P-wave speed, that is, Cpp = 0.96Cp. According
to Sansalone and Streett,25 “this difference occurs because multiple reflections of P-waves excite a partic-
ular mode of vibration in the plate — the thickness mode — and the displacements caused by this mode
produce the principal periodic patterns in the waveform.”

In practice, the frequency content of the digitally recorded waveforms is obtained using the fast Fourier
transform (FFT) technique.27 This technique is based on the principle of the Fourier transform, which
states that any waveform can be represented as a sum of sine curves, each with a particular amplitude,
frequency, and phase shift. The FFT is used to calculate the amplitude spectrum of the waveform, which
gives the relative amplitude of the component frequencies in the waveform.

Figure 14.8A shows an amplitude spectrum obtained from an impact-echo test performed over a solid
portion of a 0.5-m-thick concrete slab.28 In the amplitude spectrum, there is a frequency peak at 3.42
kHz, which corresponds to multiple reflections of the P-wave between the bottom and top surfaces of
the slab. Using Equation 14.11 and solving for Cpp, the plate P-wave speed is calculated to be 3420 m/s.
Figure 14.8B shows the amplitude spectrum obtained from a test over a portion of the slab containing
a disk-shaped void.28 The peak at 7.32 kHz results from multiple reflections of the P-wave between the
top of the plate and the void. Using Equation 14.12, the calculated depth of the void is 3420/(2 7320)
= 0.23 m, which compares favorably with the planned depth of 0.25 m. 

The resolution in the amplitude spectrum obtained using the FFT, that is, the frequency difference
between adjacent discrete points, is equal to the sampling frequency used to capture the waveform divided
by the number of points in the waveform record. For example, if the sampling frequency is 500 kHz and
there are 1024 points in the waveform, the frequency resolution is (500/1024) kHz = 0.488 kHz. This
imposes a limit on the resolution of the depth calculated according to Equation 14.12. Because depth
and frequency are inversely related, it can be shown that for a fixed resolution in the frequency domain,
the resolution of the calculated depth improves as the frequency increases, that is, as depth decreases.

In using the impact-echo method to determine the locations of flaws within an object, tests are
performed at regularly spaced points along “scan” lines marked on the surface. Examination of the
amplitude spectra from these scans reveals the depth and approximate size of defects that may be present.
A classical technique for visualization of the location of defects along a given scan is to create a “waterfall
plot” of the individual spectra. In a waterfall plot, the spectra are plotted consecutively in the order
corresponding to the test location along the scan line. Figure 14.9 is an example of a waterfall plot that
was obtained for a scan across a section of a 0.5-m thick, reinforced concrete slab containing two disk-
shaped voids.28 The waveforms at each test point are shown on the left and the corresponding spectra
are on the right. Spectrum 1 with a single large-amplitude peak at 3.91 kHz is typical of spectra obtained
over the solid portion of the slab. Using Equation 14.11, the plate P-wave speed in the slab is 3910 m/s.
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Spectra 2, 3, and 6 reveal the presence of voids. Equation 14.12 can be used to calculate the depth of
each void. The peak at 7.81 kHz in spectrum 3 corresponds to reflections from a void at 3910/2(7810)
= 0.25 m, and the peak at 15.9 kHz in spectrum 6 corresponds to reflections from a void at 3910/2(15900)
= 0.12 m. These calculated depths agree with the planned depths of the artificial voids. Note that in
spectra 3 and 6 there is a high-amplitude peak at 3.42 kHz. This peak is associated with refraction of the
P-wave around the flaw and reflection from the bottom of the slab. This shift of the thickness frequency
to a lower value has been found to occur in a variety of cases when flaws are present, and can be used
as further evidence that the slab is not solid at that test point.25

The information contained in a waterfall plot can be further processed to produce a cross-sectional
view of the test object along the scan line. The technique that has been developed is called “spectral peak
plotting.”29 The series of operations that are performed for each spectrum in the scan is illustrated in
Figure 14.10 and outlined as follows:  

1. Locate the peak in the spectrum that has the highest amplitude.
2. Normalize the amplitude values by dividing by the highest amplitude.
3. Select a threshold value for the relative amplitude.
4. Locate all peaks in the spectrum whose relative amplitudes exceed the threshold value.
5. For each peak selected in step 4, compute the depth corresponding to the frequency values using

the plate P-wave speed and Equation 14.12.
6. Using the depth calculated in step 5, plot the depths at the test point along the scan line.

The above procedure can be incorporated into a computer program that uses the individual spectra as
input and generates a plot of the cross section along the scan line.29 Spectral peak plotting permits a
rapid assessment of impact-echo results by allowing the user to “see” reflectors inside the test object.

The spectra in Figure 14.9 were processed using a spectral peak plotting computer program, and the
resulting computer-generated cross section is shown in Figure 14.11. For this case, the maximum depth
for the plot was chosen as 0.5 m; therefore, each tick mark along the depth axis represents 0.05 m. The
tick marks along the top surface represent the individual test locations. The depth calculated at each test
point is plotted as a “dash” between the midpoints of adjacent test points. The presence of the two voids

FIGURE 14.8  Examples of amplitude spectra: (A) test over a solid portion of concrete slab; (B) test over a disk-
shaped void embedded in same slab.28
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FIGURE 14.9  Impact-echo results across section of 0.5-m-thick slab containing 0.2-m-diameter disk-shaped voids:
(A) slab cross section; (B) waveforms; and, (C) amplitude spectra.28

FIGURE 14.10  Spectral peak plotting procedure for constructing cross-section of test object from amplitude spectra.
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in the slab can be seen clearly. Note the apparent increase in slab thickness where flaws are present.
Spectral peak plotting may not be practical in cases where the peaks associated with internal flaw are of
low amplitude. Refer to Sansalone and Streett25 for descriptions of other signal processing techniques
that can be used to help simplify amplitude spectra. 

14.3.2.3 Instrumentation

An impact-echo test system is composed of three components: an impact source; a receiving transducer;
and a data acquisition system with appropriate software for signal analysis and data management.

The selection of the impact source is a critical aspect of a successful impact-echo test system. The
force-time history of an impact may be approximated as a half-cycle sine curve, and the duration of the
impact is the “contact time,” as shown in Figure 14.6. The contact time determines the frequency content
of the stress pulse generated by the impact.23 The shorter the contact time, the higher the range of
frequencies contained in the pulse. Thus, the contact time determines the size of the defect that can be
detected by impact-echo testing. As the contact time decreases and the pulse contains higher-frequency
(shorter-wavelength) components, smaller defects can be detected. In addition, short-duration impacts
are needed to accurately locate shallow defects. The stress pulse must have frequency components greater
than the frequency corresponding to the flaw depth (Equation 14.11). As an approximation, the highest-
frequency component of significant amplitude in a pulse equals the inverse of the contact time. For
example, for a contact time of 100 s, the maximum frequency having significant amplitude is about 10
kHz. For a P-wave speed of 4000 m/s, a pulse with a contact time shorter than 100 s would be needed
to determine the depth of defects shallower than about 0.2 m. Thus, for impact-echo testing of slablike
structures, short duration impacts are preferable. Experience, however, has shown that as the contact
time decreases, the amplitude spectra become more complex. In practical applications, it advisable to
use a range of contact times beginning with longer durations and then using shorter durations.25

Many impact sources have been tried. In evaluation of piles, hammers are used.30–34 Hammers produce
energetic impacts with long contact times (greater than 1 ms) that are acceptable for testing long, slender
structures but are not suitable for detecting flaws within thin structures such as slabs or walls. Impact
sources with shorter-duration impacts (20 to 60 s), such as small steel spheres and spring-loaded
spherically tipped impactors, have been used for detecting flaws within slab and wall structures ranging
from 0.15 to 1 m thick.7,9,22,24,25,35,36 Steel spheres are convenient impact sources because they produce
well-defined pulses (approximately a half-cycle sine curves), and the contact time is proportional to the
diameter of the sphere.7,25,37

In integrity testing of piles, geophones (velocity transducers) or accelerometers have been used as the
receiving transducer.30–34 For impact-echo testing of slab and wall structures, Sansalone and Carino7 were
the first to use a conically tipped, piezoelectric displacement transducer as the receiver. This transducer
responds to surface displacement over a broad frequency range. It was developed at the National Bureau
of Standards (now the National Institute of Standards and Technology) as a secondary reference standard
for calibrating acoustic emission transducers.38 A thin lead strip was used to provide acoustic coupling
between the conical transducer and the test surface. No viscous liquid couplants were required. 

FIGURE 14.11  Spectral peak plot of the amplitude spectra shown in Figure 14.9C.
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The data acquisition system should have a sampling frequency of at least 500 kHz, and it may be a
digital waveform analyzer, a portable computer with data acquisition hardware and software, or a ded-
icated impact-echo instrument. The optimal sampling frequency depends on the thickness of the test
object, but a high sampling rate has been found effective for testing relatively thin members. Pratt and
Sansalone39 were the first to develop a portable impact-echo test system. That system included a conically
tipped displacement transducer and integral steel spheres attached to spring rods as impact sources. A
portable computer was used for data acquisition and signal analysis. Today, several impact-echo test
systems are commercially available. Figure 14.12 shows a commercial system that uses a rugged laptop
computer for data acquisition and analysis. The conically tipped transducer is within the metal housing
and steel balls on spring steel rods are used as the impact source. 

14.3.2.4 Applications

Since the early 1970s, impact methods have been widely used for evaluation of concrete piles.30–34

Steinbeck and Vey31 were among the first to apply the technique to piles. A pulse was introduced at the
top surface by impact and the returning echo was monitored by an accelerometer mounted on the same
surface. The time-domain signal record was used to detect partial or complete discontinuities, such as
voids, abrupt changes in cross section, very weak concrete, and soil intrusions, as well as the approximate
location where such irregularities existed. In the absence of major imperfections the location of the
bottom of a sound pile could be determined. The success of the method (also known as seismic or sonic
echo) depends on the pile length and the characteristics of the surrounding soil; echoes from the bottom
of a long pile in a stiff, dense soil with an acoustic impedance similar to that of concrete may be too
weak to be detected.30

Carino and Sansalone initiated experimental and theoretical studies at the National Bureau of Stan-
dards in 1983 to develop an impact method for testing structures other than piles. The result of that
work was the impact-echo method that has been described here. Details of these early studies may be
found in the cited references.7,9,22,23,28,35,36,40–46 In the laboratory, they used the method to detect various
types of interfaces and simulated defects in concrete slab and wall structures, including cracks and voids
in plain and reinforced concrete, the depth of surface-opening cracks, voids in prestressing tendon ducts,
honeycombed concrete, the thickness of slabs and overlays, and delaminations in slabs with and without
asphalt concrete overlays. Most of theses early experimental studies were controlled-flaw studies where
specimens containing flaws at known locations were constructed and tested. Two of their early studies
were carried out on specimens constructed by other researchers for “blind” studies to evaluate nonde-
structive test methods based on stress wave propagation. These studies involved detecting delaminations

FIGURE 14.12  Example of impact-echo test instrument. (Courtesy of Impact-Echo Instruments, LLC.)



in a reinforced concrete slab35 and locating voids in tendon ducts in a 1-m-thick reinforced wall that was
built to simulate a wall for an arctic offshore structure.46 In both of these studies, the locations of the
flaws were not known prior to testing; the impact-echo method successfully detected the flaws in both
studies.

In conjunction with their early experimental studies, Sansalone and Carino performed a series of
numerical studies using the finite-element method. Because there are no theoretical solutions for calcu-
lating the transient impact response of a bounded solid containing flaws, the finite-element method was
used for this purpose. The results of these studies form the theoretical basis for the initial development
of the impact-echo method. Variations in the parameters important in impact-echo testing were easily
studied using finite-element models. Conclusions were drawn about the effect of contact time of the
impact, flaw size and depth, and specimen geometry on waveforms and spectra.7,40–43 Other finite-element
studies were performed subsequently by Sansalone and co-workers to develop an understanding of
transient wave propagation in other applications besides testing slablike structures.24,25

The impact-echo method for structures other than piles has been used in the field.25,28,34,47 49 As an
early example, the method was used successfully to detect pockets of unconsolidated concrete below
cooling pipes in a 0.15-m-thick ice-skating rink slab.28 Briefly, portions of the slab were known to contain
pockets of unconsolidated concrete about 50 to 100 mm in length below the small-diameter, closely
spaced, cooling pipes. Regions of the skating rink slab were selected for testing. The thickness of the slab
was measured at existing core-holes in the slab. A plate P-wave speed of 4000 m/s was obtained from
impact-echo tests performed adjacent to these holes. To be able to detect the small voids, an impact with
a contact time of about 20 s was used.

Figure 14.13A shows the cross section obtained using spectral peak plotting of the amplitude spectra
along one scan line. The results indicate that this scan was carried out over generally sound concrete
because, except for test point 10, the cross section shows only the bottom of the slab. In contrast, Figure
14.13B shows the cross section obtained along a scan line in an area of the slab believed to contain voids.
The presence of voids is indicated by lines within the slab and by the multiple lines associated with the
bottom of the slab. Note that this portion of the slab is considerably thinner than that shown in Figure
14.13A. Thus, it was shown that, by using an appropriate short-duration impact, the impact-echo method
could identify the presence of small voids in a thin slab. 

Since the initial studies in the 1980s, a number of additional studies were carried out at Cornell
University, which expanded the range of successful applications.24,25 These include fundamental studies
on the detection of voids in tendon ducts,50,51 and the impact response produced by thin layers of
dissimilar materials embedded in concrete.52 Analytical and experimental studies provided a clear under-
standing of the influence of delaminated regions and steel reinforcing bars on impact-echo waveforms.53,54

Similarly, analytical and experimental studies were used to examine the minimum crack width required
for crack detection by impact-echo testing.55,56 The method was also found to be applicable to testing
hollow cylindrical structures, such as mine shafts and tunnel liners.57–59

Lin and Sansalone60–62 extended the application of the method to transverse testing of prismatic
members, such as columns and beams. It has been found that reflections from the perimeter of these
members cause complex modes of vibration. Figure 14.14 shows an example of the shapes associated
with the modes of vibration of round and square beams or columns.60 These modes result in amplitude
spectra with many peaks (compare with Figure 14.8), and the depth of the member is not related to the
dominant frequency in the spectrum according to Equation 14.12. Nevertheless, it has been shown that
defects can still be detected within beams and columns, and successful field applications have been
reported.25,47 To avoid the complexities associated with these cross-sectional modes, the smallest lateral
dimension of the structure should be at least five times the thickness.25

The impact-echo method has also been applied to evaluate the quality of the bond between an overlay
and base concrete.63,64 Although it is not possible to estimate the bond strength, the impact-echo method
may be used to determine whether there is extensive porosity at the interface. The method has also been
used for nondestructive evaluation of masonry structures.65 Potential users of the impact-echo method



should refer to the textbook by Sansalone and Streett25 for comprehensive coverage of the theory of the
method and recommendations for field applications.

The development of a standard test method for flaw detection using impact-echo is difficult because
of the many variables and conditions that may be encountered in field-testing. The types of defects can
vary from the rather simple case of delaminations or voids to the complex case of distributed microc-
racking. The type of structure can vary from the simple case of a slab to the complex case of a rectangular
beam or column. The measurement of the thickness of a platelike structure, however, is a relatively
straightforward application that is amenable to standardization. In 1998, ASTM adopted a test method
on the use of the impact-echo method to measure the thickness of platelike concrete members.66 In this
case, a plate is defined as a structure or portion of a structure in which the lateral dimensions are at least
six times the thickness.

ASTM Test Method C 1383 includes two procedures. Procedure A, which is shown in Figure 14.15A,
is used to measure the P-wave speed in the concrete. This measurement is based on the travel time of
the P-wave between two transducers a known distance apart. The background research for this technique
is provided in References 26, 67, and 68. Procedure B, shown in Figure 14.15B, is to determine the
thickness frequency using the impact-echo method from which the plate thickness is calculated using
the measured P-wave speed and Equation 14.12. As was previously discussed, the P-wave speed obtained
by Procedure A is multiplied by 0.96 when Equation 14.12 is used to calculate thickness. The data analysis
procedure in ASTM C 1383 considers the systematic errors associated with the digital nature of the data
in Procedures A and B. The thickness is reported with an uncertainty that is related to the sampling
interval in Procedure A and the duration of the recorded signal in Procedure B.26,68 Limited comparisons
of measured pavement thickness with the length of drilled cores demonstrated that the impact-echo
results were within 3% of the core lengths.25,68

FIGURE 14.13  Spectral peak plots of impact-echo results for ice-skating rink slab: (A) cross section in portion of
slab containing sound concrete; (B) cross section in portion of slab containing voids.29
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FIGURE 14.14  Mode shapes and amplitude spectra for impact-echo tests of solid round and square columns. (Based
on Reference 60.)

FIGURE 14.15  ASTM C 1383 procedures for measuring thickness of slablike concrete structures: (A) procedure to
determine P-wave speed, and (B) procedure to determine thickness frequency.
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14.3.3 Impulse-Response Method

14.3.3.1 Principle

Another variant of the impact method is known as impulse-response, transient dynamic response, or
impedance testing.30,34,69–71 The principle of this method is similar to the impact-echo method. A stress
pulse is generated by mechanical impact on the surface of an object. The force-time function of the
impact is monitored by using an instrumented hammer or by using a hammer to strike a load cell. A
transducer located near the impact monitors the movement of the surface as it vibrates in response to
the impact. The waveforms of the force and motion transducers are recorded and processed on a dynamic
signal analyzer or computer with appropriate software. The analysis reveals information about the
condition of the structure.

14.3.3.2 Signal Processing

To calculate the dynamic response of a structure to a given input, the force-time function of the input
is convolved* with the impulse response function of the structure. The impulse response is the response
of the structure to an input having a force-time function that is a single spike at time zero (impulse).
The impulse-response function is a characteristic of a structure, and it changes depending on material
properties, geometry, support conditions, and the existence of flaws or cracks. Alternatively, the impact
response can be calculated in the frequency domain by multiplying the Fourier transform of the force
input with the Fourier transform of the impulse-response function.73

In the impulse-response method, the time history of the impact force, and the time history of the
response of the structure are recorded, and the impulse response is calculated. This can be accomplished
by deconvolution or, in the frequency domain, by dividing the Fourier transform of the response wave-
form by the Fourier transform of the impact force-time function. In the frequency domain, the resultant
response spectrum indicates structural response as a function of the frequency components of the input.
Digital signal processing techniques are used to obtain the impulse-response function, often referred to
as the transfer function. A procedure for computing the transfer function is outlined in Higgs70 and
involves the following steps:

1. Calculate the Fourier transforms of the measured force-time function, f(t), and the measured
response, v(t). These will be denoted as F( ) and V( ).

2. Using the complex conjugate** of the Fourier transform of the force-time function, F*( ), compute
the cross-power spectrum, V( ) · F*( ).

3. Compute the power spectrum of the force-time function, F( ) · F*( ).
4. Divide the cross-power spectrum by the power spectrum to obtain the transfer function:

(14.13)

To improve the results, the test can be repeated, and average power spectra can be used to compute
the transfer function. These calculations can be carried out automatically with a dynamic signal analyzer
or a computer with appropriate software. 

Depending on the measured physical quantity of the structural response, the response spectrum
obtained by the division in Equation 14.13 has different meanings. Typically, velocity is measured and
the resulting impulse-response spectrum has units of velocity/force, which is referred to as “mobility,”
and the spectrum is often called a “mobility plot.” At frequency values corresponding to resonant
frequencies of the structure, mobility values are maximum. Figure 14.16 shows an idealized mobility plot

*The convolution of two functions f(x) and g(x) is h(x) = (u)g(x u)du. See Reference 72 for an explanation of
the convolution integral.

**The complex conjugate of a vector F = x + iy is F* = x – iy, where i = 1
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for a pile.69 The series of peaks corresponds to the fundamental and higher modes of vibration; the
difference between any two adjacent peaks, f, is equal to the fundamental longitudinal frequency.30,69,70

The length, L, of the pile can be calculated using the following equation: 

(14.14)

where Cb is the bar-wave speed (see Equation 14.2). Note the similarity between this equation and
Equation 14.12.

In addition to length, other information can be obtained from impulse-response tests on pile struc-
tures.69,74 At low frequencies, the pile and soil vibrate together, and the mobility plot provides information
on the dynamic stiffness of the soil-pile structure.30,69 In this low frequency range, the mobility plot is
approximately a straight line and the slope of the straight line represents the dynamic flexibility of the
pile head. The dynamic stiffness is the inverse of the dynamic flexibility. Thus, mobility plots with steeper
initial slopes correspond to a lower dynamic stiffness of the pile head. The pile head stiffness is a function
of the dynamic stiffness of the pile and the dynamic stiffness of the surrounding soil.

14.3.3.3 Instrumentation

The components of a typical impulse-response test system are the impact source that can be an instru-
mented hammer or a hammer striking a load cell that is located on the surface of the test object, a
geophone (low-frequency velocity transducer), and a two-channel dynamic signal analyzer or portable
computer with data acquisition and signal analysis capabilities.

14.3.3.4 Applications

The impulse-response method evolved from a forced vibration method first used in France by Paquet
and Briard in 1968.75 In forced vibration testing, an electrodynamic vibrator was attached to the top of
the pile, and the pile response was measured. To obtain the response spectrum, the response was measured
for different applied frequencies. Thus, considerably more effort was required compared with the impulse-
response technique. Many examples of integrity testing of piles using forced vibration and impulse-
response have been reported. 21,30,69–71,74

To illustrate how the method works, impulse-response spectra obtained from two test piles with the
same dimensions are shown in Figure 14.17.21 Figure 14.17A is the response spectrum obtained from a
sound pile. The P-wave speed in this pile was 4140 m/s. The initial straight-line part of the curve was
used to determine the dynamic stiffness, which was reported to be 2150 kN/mm. The fundamental
longitudinal frequency of 138 kHz was calculated by determining the average frequency difference
between four successive peaks. Using Equation 14.13, the length of the pile was calculated to be 15.0 m.
The known length of the pile was 15.2 m.21

For comparison, Figure 14.17B shows the response spectrum obtained from the second test pile that
contained a defect across the full width of the pile at a depth of 9.8 m. The P-wave speed in this pile was
4200 m/s. The measured dynamic stiffness of 1715 kN/mm was lower than that for the sound pile. The

FIGURE 14.16  Idealized mobility plot for a pile. (Adapted from Reference 69.)
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peaks in the response curve are much less regular than for the sound pile. The fundamental frequency
was estimated to be 193 Hz. This was obtained by averaging the difference between three successive
frequency peaks as shown on Figure 14.17B. By using Equation 14.13, the depth to the reflecting interface
was calculated to be about 11 m. Thus, the presence of the defect was indicated by a reduction in the
dynamic stiffness and an increase in the fundamental resonant frequency.

The results obtained from actual piles can be complicated by a number of factors that make interpre-
tation of response spectra more difficult than the above examples. Davis and Dunn69 list the following
complicating factors:

• Variations in the diameter of a pile
• Variations in the quality of concrete within a pile
• Variations in the stiffness and damping characteristics of the soil through which the pile passes
• Possible exposure of the top part of the pile above the ground surface

In addition, the length-to-diameter ratio (L/D) for a pile relative to the damping characteristics of the
soil must be considered. Higgs70 states that for L/D greater than 20, test results are not likely to be definitive
unless the pile passes through a soft soil deposit onto a rigid stratum.

A simple guide taken from Higgs70 is shown in Table 14.2. This table offers insight into how results
obtained from impulse-response tests on a series of piles might be interpreted. It also demonstrates how
the variables calculated from the response spectrum (pile length, dynamic stiffness, and the geometric
mean of the mobility, N) are interrelated. 

Testing of piles by the impulse-response method is covered in ASTM Test Method D 5882.12 In that
standard, the method is called the “transient response method.” Other successful applications besides
testing of piles have been reported.76–78 In these other applications, the method is often used on a
comparative basis to identify portions of a structure with anomalous response spectra. This allows
determination where other nondestructive tests should be performed or where invasive sampling should
be carried out.

FIGURE 14.17  Mobility plots: (A) sound pile; (B) pile containing a defect across its full width. (Adapted from
Reference 21.)
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14.3.4 Spectral Analysis of Surface Waves Method

14.3.4.1 Principle

In the late 1950s and early 1960s, Jones79,80 reported on the use of surface waves to determine the thickness
and elastic stiffness of pavement slabs and of the underlying layers. The method involved determining
the relationship between the wavelength and velocity of surface vibrations as the vibration frequency was
varied. Apart from the studies reported by Jones there seems to have been little use of this technique for
testing concrete pavements. In the early 1980s, however, researchers at The University of Texas at Austin
began studies of a surface wave technique that involved an impactor instead of a steady-state vibrator.
Digital signal processing was used to develop the relationship between wavelength and velocity. The
technique was called “spectral analysis of surface waves” (SASW).81,82

In the SASW method, a transient stress pulse is generated by impact on the surface of the test site. Two
receivers, located as shown in Figure 14.18, monitor the movement of the surface as the waves produced
by the impact propagate past the receivers. Because the amplitude of particle motion in the R-wave is large
at the surface compared with the amplitude of motion in the P- and S-waves, surface movement caused by
the R-wave dominates the measured response. The waveform measured by the two receivers contains
information that is used to construct the stiffness profile of the underlying materials. 

The R-wave produced by impact contains a range of frequencies or components of different wave-
lengths. This range depends on the contact time of the impact; the shorter the contact time, the broader
the range of frequencies or wavelengths. The amplitude of particle motion in each component of the R-
wave decays exponentially with depth. At a depth below the surface of about 1.5 wavelengths, the

TABLE 14.2 Interpretation of Impulse-Response Tests on Piles

Stiffness Length N Valuea Interpretation

As expected
Low
Very low
High
Very high
High
Low
High
Low

As built
As built
Short
Near or as built
Short
Multiple
Multiple
As built
As built

As expected
High
Low
Low
Low
Variable/low
Variable/high
As expected
As expected

Regular pile
Possible reduction in pile section or lower grade concrete in pile
Fault at depth indicated
General oversized pile section
Bulb at depth indicated
Irregular pile section in pile shaft (enlargements)
Irregular pile section in pile shaft (constrictions), or changeable 

quality of concrete
Regular pile with strong anchorage; low settlement expected
Regular pile with weak anchorage; high settlement expected

a The N-value is the geometric mean of the mobility values in the resonance portion of the response spectrum.
Source: Higgs, J., Concrete, Oct., 31, 1979. With permission.

FIGURE 14.18  Schematic of the SASW test method.
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amplitude in each component wavelength is one tenth the amplitude at the surface. Thus, longer-
wavelength components penetrate more deeply, and this is the key to gaining information about the
properties of the underlying layers.

In the SASW method, the impact is chosen so that there are high-frequency (short-wavelength)
components in the R-wave that will propagate entirely within the top layer of the layered system. These
components propagate with a speed determined by the S-wave speed (depends on shear modulus of
elasticity and density) and Poisson’s ratio of the top layer (see Equations 14.3 and 14.5). Lower-frequency
components penetrate into the underlying layer or layers; and their speed of propagation will be affected
by the properties of these layers. Thus, a layered system is a dispersive medium for R-waves, which means
that different frequency components in the R-wave will propagate with different speeds, which are called
“phase velocities.”83

Phase velocities are calculated by determining the time it takes for each component frequency to travel
between the two receivers. These travel times are determined from the phase difference of the frequency
components when they arrive at the receivers. The meaning of “phase difference” is illustrated in Figure
14.19, which shows two points, A and B, on a sine curve with a characteristic period equal to . The
frequency, f, of the sine curve is the inverse of the period. The phase difference between points A and B
is defined as: 

(14.15)

where t is the time difference between points A and B. In the SASW method, the waveforms from the
two receivers are processed, as explained in the next section, to obtain the phase differences of the
component frequencies. Thus, for each frequency, the travel time between the receivers, tf, can be
calculated:

(14.16)

From the travel time, the speed of a component frequency, CR(f), can be determined since the distance,
X, between the two receivers is known:

(14.17)

The wavelength, f, corresponding to a component frequency is calculated using the following
equation: 

FIGURE 14.19  Definition of phase difference between two points on a periodic waveform.
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(14.18)

By repeating these calculations for each component frequency, a plot of phase velocity vs. wavelength
is obtained. Such a plot is called a “dispersion curve” and is used to obtain the stiffness profile.

An iterative process called “inversion” is used to obtain the approximate stiffness profile at the test site
from the experimental dispersion curve.83–87 First, a numerical model of the test site is created and divided
into layers of varying thickness. The number and thicknesses of the layers depend on expected stiffness
gradients in the underlying materials. For widely varying properties, thinner layers are needed to accu-
rately define the stiffness profile.84 Each layer is assigned a density, Poisson’s ratio, and shear modulus of
elasticity. With this information, the solution for surface wave propagation in a layered system is deter-
mined and a theoretical dispersion curve is calculated for the assumed layered system.84,85 The theoretical
dispersion curve is compared with the experimental dispersion curve. If the curves match, the analysis
is completed and the assumed stiffness profile is correct. If there are significant discrepancies, the
properties of the assumed layered system are changed or refined and a new theoretical curve is calculated.
This iterative process continues until there is good agreement between the theoretical and experimental
dispersion curves. The user should be experienced in selecting plausible starting values of the elastic
constants and have the ability to recognize whether the final values are reasonable. Convergence cannot
be assumed to indicate that the correct values have been determined, because it is possible for different
combinations of layer thicknesses and elastic moduli to result in similar dispersion curves. Because
inversion is time-consuming, automated methods have been developed.86,87

14.3.4.2 Signal Processing

The phase information needed to construct the experimental dispersion curve can be obtained from the
experimental waveforms by digital signal processing. A brief explanation of the analysis procedure is
given here and the reader is referred to the cited references for further details.

Figure 14.20 is an example of waveforms recorded by the two receivers during an SASW test. (The
receiver closest to the impact point is connected to channel 1 of the signal analyzer.) The first step is to
calculate the cross power spectrum, G12, of the two waveforms as follows: 

FIGURE 14.20  Waveforms obtained from an SASW test on a pavement. (Adapted from Reference 85.)
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(14.19)

where
S2 = the Fourier transform of the waveform recorded on channel 2

 = the complex conjugate of the Fourier transform of the waveform recorded on channel 1

To improve the quality of the data, a test is typically repeated about three to five times, and the average
cross power spectrum is used in subsequent steps.88

The cross power spectrum can be represented by its amplitude and phase spectra. An example of a
phase spectrum is shown in Figure 14.21. The phase spectrum gives the phase difference between the
two receivers for each component frequency.* Applying Equation 14.17, the phase difference for each
frequency component is used to compute the phase velocity of that component. Finally, by using Equation
14.18, the wavelength of each component is calculated, and the experimental phase velocity vs. wavelength
curve is established, that is, the experimental dispersion curve. 

The coherence function is also generally calculated as a means of assessing the quality of observed
signals.85 The coherence function spectrum is obtained from power spectra and is defined as

(14.20)

where

  = the complex conjugate of the average cross power spectrum

  = the averaged auto power spectrum  of the channel 1 waveform

  = the average auto power spectrum  of the channel 2 waveform

A coherence value close to one at a given frequency indicates good correlation between that frequency
component in the input signal and in the measured waveform. A low coherence can indicate the presence
of noise or other problems in the measured signals.85 In constructing the experimental dispersion curves,
frequencies (wavelengths) with low coherence values are not considered.

14.3.4.3 Instrumentation

There are three components to a SASW test system: the impact source (which is usually a hammer); two
receivers, which are geophones (velocity transducers) or accelerometers; and a two-channel spectral
analyzer or computer system for recording and processing the waveforms. 

* Phase spectrum is usually plotted so that the phase angle axis ranges from to radians. Hence the spectrum
“folds over” when the phase angle reaches radians, giving the phase spectrum a “sawtooth” pattern.

FIGURE 14.21  Phase spectrum of averaged cross power spectrum determined from five waveforms such as those
shown in Figure 14.18. (Adapted from Reference 85.)
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The general test configuration is shown above in Figure 14.18. It has been found that because of exper-
imental limitations, reliable phase velocities are calculated only for components with wavelengths greater
than one half the receiver spacing and less than three times the spacing.89 Thus, to construct a reliable
dispersion curve over a wide range of wavelengths, tests are repeated with different receiver spacings. The
test arrangement used commonly is illustrated in Figure 14.22, which is known as the common receivers
midpoint (CRMP) geometry.84,89 In this arrangement, the receivers are always located equidistant from a
chosen centerline. The receivers are first located close together, and for subsequent tests the receiver spacing
is increased by a factor of two. The source is moved so that the distance between source and nearest receiver
is equal to or greater than the distance between the two receivers. As a check on the measured phase
information, for each receiver spacing, a second series of tests is carried out by reversing the position of the
source. Typically, five receiver spacings are used at each test site. For tests of concrete pavements, the closest
spacing is usually about 0.15 m.85 Sheu et al.90 provide additional guidance on positioning the source and
receivers relative to boundaries to minimize the effects of the reflected surface wave. 

The required characteristics of the impact source depend on the stiffnesses of the layers, the distances
between the two receivers, and the depth to be investigated.89 When investigating concrete pavements,
the receivers are located relatively close together. In this case, a small hammer is required so that a short-
duration pulse is produced with sufficient energy at frequencies up to about 10 to 20 kHz. As an
approximation, the highest-frequency component with significant energy can be taken as the inverse of
the pulse duration (contact time). As the depth to be investigated increases, the distance between receivers
also increases, and an impact that generates a pulse with greater energy at lower frequencies is required.
Thus, heavier hammers, such as a sledgehammer, are used.

The two receiving transducers measure vertical surface velocity or acceleration. The selection of
transducer type depends in part on the test site.89 For tests at soil sites where deep layers are to be
investigated and larger receiver spacings are used, geophones are generally used because of their superior
low-frequency sensitivity. For tests of concrete pavements where shallower depths are investigated and
closer spacings are used, the receivers must provide accurate measurements at higher frequencies. Thus,
for pavements a combination of geophones and accelerometers is often used.89

14.3.4.4 Applications

The SASW method has been used to determine the S-wave speed profiles of soil sites and stiffness profiles
of flexible and rigid pavement systems.81,82,88,89,91,92 The method has also been used for the monitoring
the curing of concrete slabs by measuring the increase in wave speed with time,93 and for evaluation of
surface damage and repairs.94

FIGURE 14.22  Common receivers midpoint geometry used in repeated SASW tests to improve reliability.
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An example of the use of the SASW method for testing reinforced concrete pavement systems is
presented here. Concrete pavement systems present the most difficult challenge for the SASW method
because the large contrast in stiffness between the concrete pavement and the underlying subgrade makes
the inversion procedure numerically difficult.89 Nazarian and Stokoe,89 however, developed a technique
that has been shown to be successful in a number of studies on concrete pavements. At many of these
sites they were able to verify their results by comparison with pavement and soil profiles obtained from
boreholes. Following are some typical results.

At one test site,89 accelerometers were used so that frequencies up to 12.5 kHz could be measured.
Figure 14.23 shows the experimental dispersion curve obtained from this series of tests. The S-wave speed
profile obtained after inversion is shown in Figure 14.24A. This profile shows that the S-wave speed in
the concrete is 2950 m/s. This speed was found to be representative of the good-quality concrete used
in construction of the pavement. For comparison, Figure 14.24B shows the profile obtained from borings.
Borings showed that the pavement system consisted of approximately 255 mm of reinforced concrete,
100 mm of asphalt concrete base, 150 mm of lime-treated subbase, and subgrade. The shape of the S-
wave speed profile obtained from the SASW testing is in excellent agreement with the actual depths of
the subsurface layers. If desired, the S-wave speed profile can be converted to a profile of Young’s modulus
of elasticity. This requires knowledge of the density and Poisson’s ratio for each of the layers. It must be
realized, however, that the computed stiffnesses are representative of behavior only at the low strain levels
associated with the SASW test. 

14.4 Summary

This chapter has reviewed test methods that are based on stress wave propagation. The principles,
instrumentation, signal processing techniques, and representative applications of each test method have
been discussed. The common feature of the various methods is that inferences about internal conditions
of concrete structures are made based on the effect that the structure has on the propagation of stress
waves. In all cases, stress waves are introduced into the test object and the surface response is monitored.
Access to only one surface is required. Depending on the details of the testing configuration and the
measured response, different information is gained about the structure.

Conceptually, the pulse-echo method is the simplest technique. The method involves measuring the
travel time from the generation of the stress pulse to the arrival of the reflected echo. Knowing the wave

FIGURE 14.23  Experimental dispersion curve from SASW tests on concrete pavement. (Adapted from Reference
89.)
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speed, one can calculate the depth of the reflector. A reflector is any interface where there is a change in
the specific acoustic impedance, such as that occurring at an internal defect or the boundaries of the
structure. Development of practical pulse-echo test systems for concrete has been hindered by the
difficulties inherent in developing an adequate low-frequency transducer that can emit a short-duration
pulse. Some success has been achieved in the laboratory. Maximum penetration is limited, however, and
a practical field system is yet to be developed.

The impact-echo method uses mechanical impact to generate a high-energy stress pulse. Surface
displacements are measured near the impact point. The stress pulse undergoes multiple reflections
between the test surface and the reflecting interface, and results in a periodic surface motion. This permits
frequency analysis of the recorded surface displacement waveforms. The dominant frequency in the
amplitude spectrum is used to determine the depth of the reflecting interface from the known wave
speed. The amplitude spectra along a scan line can be used to construct a cross section of the structure,
which displays the location of the reflecting interfaces. The theoretical basis of the impact-echo method
has been established using numerical simulations of transient wave propagation in various types of
bounded solids. The ability of the method to detect a variety of defects has been demonstrated. Several
commercial impact-echo test systems are available, and a standard test method has been developed for
measuring the thickness of slablike structures.

The impulse-response method is similar to the impact-echo method, except that the force-time history
of the impact is recorded and more complex signal processing is used. The frequency content of the
received waveform is correlated with the frequency content of the force-time function, from which
inferences can be made about structural conditions. The method is widely used for testing piles, and a
standard test method has been developed. Information about pile length, presence of defects, and overall
pile head stiffness is obtained from the test results. The method is also used for comparative testing of
slablike structures. Commercial test systems are available.

The SASW method uses signal processing techniques similar to those used in the impulse-response
method, but information about the structure is extracted from the surface wave created by impact. It is
the most complex of the impact methods covered in this review. The SASW method is based on the
principle that the various wavelength components in the impact-generated surface wave penetrate to
different depths in the test structure. By monitoring the surface motion at two points a known distance
apart, information is extracted about the speed of the various wavelength components that can then be

FIGURE 14.24  (A) S-wave speed profile obtained from inversion of dispersion curve shown in Figure 14.23;
(B) soil profile obtained from borehole. (Adapted from Reference 89.)
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used to infer the elastic properties of the underlying materials. It has been used successfully to construct
the stiffness profiles of pavement systems. It is a computationally intensive test method.

The three impact techniques appear similar in terms of the physical test procedure. By using different
sensors and signal processing methods, the user can obtain different information about the test object.
Each method is best for particular kinds of applications. Persons interested in using nondestructive testing
methods based on stress wave propagation will probably find it advantageous to develop the ability to
use all the methods so that the most appropriate one can be used for a particular situation. Users are
cautioned, however, that these methods require a relatively high level of expertise and training compared
with some of the other methods covered in this handbook.

Impact techniques are a departure from the high-frequency, pulse-echo technology, which works so
well for metals, to test methods where low-frequency stress waves are generated by mechanical impact.
This appears to be the key for overcoming many of the difficulties involved with testing heterogeneous
materials with stress waves. With new developments in automation and signal processing, these methods
will find increasing use as routine tools for evaluating internal conditions of concrete structures.
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Infrared Thermographic

Techniques

15.1 Introduction
15.2 Historical Background
15.3 Theoretical Considerations
15.4 Testing Equipment
15.5 Testing Procedures
15.6 Case Histories
15.7 Advantages and Limitations
15.8 Summary

Infrared thermography, a nondestructive, remote sensing technique, has proved to be an effective, con-
venient, and economical method of testing concrete. It can detect internal voids, delaminations, and
cracks in concrete structures such as bridge decks, highway pavements, garage floors, parking lot pave-
ments, and building walls. As a testing technique, some of its most important qualities are that (1) it is
accurate; (2) it is repeatable; (3) it need not inconvenience the public; and (4) it is economical. This
chapter provides a summary of the historical development of this technique, discusses the underlying
theory, describes the test equipment, and gives example case histories.

15.1 Introduction

Concrete is one of the world’s most useful building materials. It is used in almost every phase of society’s
infrastructure: from the buildings that house people to the roads and bridges that allow us to travel from
place to place; from the dams that help control nature’s forces to the launchpads that help us explore the
heavens. This building material has strength and rigidity along with versatility, but it does have its limits.
Most concrete structures have a design life of 20 to 25 years, and when they begin to deteriorate they do
so slowly at first and then gradually progress to failure. This failure can be expensive in terms of both
dollars and lives, but this scenario can be avoided. Planned restoration can extend the life of concrete
structures almost indefinitely, and testing of concrete structures to establish the existing conditions is the
basis of economically viable restoration. For any testing technique to be widespread, it must have the
following qualities:

1. It must be accurate.
2. It must be repeatable.
3. It must be nondestructive.
4. It must be able to inspect large areas as well as localized areas.
5. It must be efficient in terms of both labor and equipment.
6. It must be economical.
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7. It must not be obtrusive to the surrounding environment.
8. It must not inconvenience the structure’s users.

One technique for testing in-place concrete has emerged during the past 30 years that fulfills all of
these requirements. That technique is called infrared thermographic testing. During its gestation period,
it has been used to test concrete on bridge decks, highways, dams, garages, airport taxiways, and buildings.
It has shown itself to be both accurate and efficient in locating subsurface voids, delaminations, as well
as poor binding, moisture entrapment, and other anomalies in concrete structures.

15.2 Historical Background

Infrared thermographic investigation techniques are based on the fundamental principle that materials
with subsurface anomalies, such as voids caused by corrosion on reinforcing steel, or voids caused by
poor concrete consolidation called honeycombing, or pooling fluids such as water infiltration, in a
material affect heat flow through that material. These changes in heat flow cause localized differences in
surface temperature. Thus, by measuring surface temperatures under conditions of heat flow into or out
of the material, one can determine the presence and location of any subsurface anomalies.

The first documented experimental paper on using infrared thermography to detect concrete subsur-
face delaminations was published by the Ontario Ministry of Transportation and Communication in
1973. It illustrated effective methods, although they depended on relatively crude, inefficient techniques.1

Using these basic techniques, additional research was performed.2 These later studies were performed on
concrete bridge decks, again located in Canada. They were based on the use of a simple infrared imager
to measure surface temperatures, without the use of computer enhancements. They were carried out
using a variety of techniques, such as both daytime and nighttime data collection. They proved that
infrared thermographic techniques could be used to detect concrete subsurface delaminations on bridge
decks.

During the next 10 years, the Ontario Ministry of Transportation and Communications was a strong
advocate of research on these infrared thermographic techniques. At the same time, research was pro-
gressing in the United States,3,4 and continued into the late 1980s.5 10 An early study was performed for
the Wisconsin Department of Transportation along a four-lane, 16-mi (27-km) portion of Interstate 90/
94. In this study, videotape was used to record both visible and infrared images of the highway. These
tests used manual methods to transfer the delamination data to scaled plan drawings.

In 1983, major concrete bridge deck delamination analysis was performed on the Dan Ryan Expressway
located in Chicago. This investigation was significant because it showed that infrared thermography could
be used efficiently on congested highways. The fieldwork was performed from a mobile van with traffic
control provided by two signboard vehicles behind the data collection van. Permanent lane closure was
not required, thereby reducing costs and inconvenience, particularly for the motorists using the express-
way. Field data on the 11-mi (17.6-km), eight-lane expressway in Chicago was collected in 14 h during
five separate days, significantly less time than would have been needed for other inspection techniques
such as chain dragging, deflectometer, sounding, or coring.

In 1985, concrete pavement delamination inspections were performed on the Poplar Street Bridge
entrance and exit ramps and bridge decks spanning the Mississippi River at St. Louis, Missouri for the
Illinois Department of Transportation. The bridges are a major part of the highway system on Interstate
55-70 and include approximately 40 lane-mi (65 km) of bridge deck roadways. These were crucial
structures because more than 90% of the traffic between Missouri and Illinois, near St. Louis, crossed
these bridges. Traffic stoppages had to be kept to a minimum. Five techniques were evaluated: (1) visual
inspections, (2) infrared thermography, (3) ground penetrating radar, (4) corings, and (5) chloride
measurements. The various tests were performed by separate firms, and the results were analyzed by an
independent engineering firm. All data were recorded on a scaled computer-aided design (CAD) system
to allow overlaying of the data and comparisons of the results of the various techniques at individual



locations as well as overall statistics. infrared thermography proved to be the most accurate nondestructive
method as well as the most efficient and economical to perform.

One of the largest individual infrared thermographic inspections occurred in 1987 at the Lambert
St. Louis International Airport. This involved testing concrete taxiways. The concrete slabs ranged
from 14 to 18 in. (360 to 460 mm) in thickness. The rules set up by the airport engineering department
dictated that the testing had to be performed during low air traffic periods (11:00 P.M. to 5:00 A.M.)
and no loading gates could be blocked. The field inspection was completed in five working nights.
Approximately 2,000,000 ft2 (186,000 m2) of concrete was inspected with production rates approaching
1,000,000 ft2 (93,000 m2) per night. In addition to determining individual slab conditions, the use of
an infrared thermography based system with computer enhancements allowed the determination of
damage caused by traffic patterns and underground erosion caused by soil migration and subsurface
moisture problems.

15.3 Theoretical Considerations

An infrared thermographic scanning system measures surface temperatures only, but the surface tem-
peratures of a concrete mass depend on three factors: (1) the subsurface configuration, (2) the surface
conditions, and (3) the environment.

The subsurface configuration effects are based on the principle that heat cannot be stopped from
flowing from warmer to cooler areas; it can only be moved at different rates by the insulating effects
of the materials through which it is flowing. Various types of construction materials have different
insulating abilities or thermal conductivities. In addition, differing types of concrete defects have
different thermal conductivity values. For example, a dead air void caused by “honeycombing” or
corrosion-related “delaminations” has a lower thermal conductivity than its surrounding solid concrete.

There are three ways of transferring thermal energy from a warmer to a cooler region: (1) conduction,
(2) convection, and (3) radiation. Sound concrete should have the least resistance to conduction of heat,
and the internal convection and radiation effects should be negligible. However, the various types of
anomalies associated with poor concrete, namely, voids and low density, decrease the thermal conductivity
of the concrete by reducing the energy conduction properties, without substantially increasing the
convection effects because dead air spaces do not allow the formation of convection currents.

For heat energy to flow, there must be a heat source. Because concrete testing can involve large areas,
the heat source should be both low cost and capable of giving the concrete surface an even distribution
of heat. The sun fulfills both these requirements. Allowing the sun to warm the surface of the concrete
areas under test will normally supply the required energy. During nighttime hours, the process may be
reversed with the warm concrete acting as the heat source and the clear night sky acting as the heat sink.

For concrete areas not accessible to sunlight, an alternative is to use the heat storage ability of Earth
to draw heat from the concrete under test. The important point is that to use infrared thermography,
heat must be flowing through the concrete. It does not matter in which direction it flows.

The second important factor to consider when using infrared thermography to measure temperature
differentials due to anomalies is the surface condition of the test area. As noted above, there are three
ways to transfer energy. Radiation is the process that has the most profound effect on the ability of the
surface to transfer energy. The ability of a material to radiate energy is measured by the emissivity of the
material. This is defined as the ability of the material to radiate energy compared with a perfect blackbody*

radiator. This is strictly a surface property. The emissivity value is higher for dark, rough surfaces and
lower for smooth, shiny surfaces. For example, rough concrete may have an emissivity of 0.95 whereas
shiny copper metal may have an emissivity of only 0.05. In practical terms, this means that when using
thermographic methods to collect temperature values on large areas of concrete, the engineer must be

*A blackbody is a hypothetical radiation source that radiates the maximum energy theoretically possible at a given
temperature. The emissivity of a blackbody equals 1.0.



aware of differing surface textures caused by such things as broom-textured spots, rubber tire tracks, oil
spots, or loose sand and dirt on the surface.

The final factor that affects the temperature measurement of a concrete surface is the environmental
system that surrounds that surface. Various parameters affect the surface temperature measurements:

1. Solar Radiation: Testing should be performed during times of the day or night when the solar
radiation or lack of solar radiation would produce the most rapid heating or cooling of the concrete
surface.

2. Cloud Cover: Clouds will reflect infrared radiation, thereby slowing the heat transfer process to
the sky. Therefore, nighttime testing should be performed during times of little or no cloud cover
to allow the most efficient transfer of energy from the concrete.

3. Ambient Temperature: This should have a negligible effect on the accuracy of the testing because
the important consideration is the rapid heating or cooling of the concrete surface. This parameter
will affect the length of time (i.e., the window) during which high-contrast temperature measure-
ments can be made. It is also important to consider if water is present. Testing while ground
temperatures are lower than 32 F (0 C) should be avoided, as ice can form, thereby filling sub-
surface voids.

4. Wind Speed: High gusts of wind have a definite cooling effect and reduce surface temperatures.
Measurements should be taken at wind speeds lower than 15 mph (25 km/h).

5. Surface Moisture: Moisture tends to disperse the surface heat and mask the temperature differences
and thus the subsurface anomalies. Tests should not be performed while the concrete surface is
covered with standing water or snow.

Once the proper conditions are established for thermal data collection, a relatively large area should
be selected for calibration purposes. This should encompass concrete areas both good and bad (i.e., areas
with voids, delaminations, cracks, or powdery concrete). Each type of anomaly will display a unique
temperature pattern depending on the conditions present. If, for example, the data collection process is
performed at night, most anomalies will be between 0.01 C and 5 C cooler than the surrounding solid
concrete depending on configuration (Figure 15.1). A daylight survey will show reversed results; i.e.,
concrete surfaces above damaged areas will be warmer than the surrounding sound concrete.

15.4 Testing Equipment

In principle, to test concrete for subsurface anomalies, all that is really needed is a sensitive contact
thermometer. However, even for a small test area, thousands of readings would have to be made simul-
taneously to outline the anomaly precisely. Because this is not practical, high-resolution infrared ther-
mographic radiometers are used (Figure 15.2) to inspect large areas of concrete efficiently and quickly.
This type of equipment allows large areas to be scanned, and the resulting data can be displayed as
pictures with areas of differing temperatures designated by differing gray tones in a black-and-white
image or by various colors on a color image. A wide variety of auxiliary equipment can be used to facilitate
data recording and interpretation. 

A complete thermographic data collection and analysis system can be divided into four main sub-
systems. The first is the infrared sensor head that normally can be used with interchangeable lenses. It
is similar in appearance to a portable video camera. The scanner’s optical system, however, is transparent
only to short-wave infrared radiation with wavelengths in the range of 3 to 5.6 m, or to medium-wave
infrared radiation with wavelengths in the range of 8 to 12 m. Normally the infrared radiometer’s highly
sensitive detector is cooled by liquid nitrogen to a temperature of –196 C, and it can detect temperature
variations as small as 0.1 C. Alternative methods of cooling the infrared detectors are available that use
either compressed gases or electric cooling. These last two cooling methods may not give the same
resolution, because they cannot bring the detector temperatures as low as liquid nitrogen. In addition,
compressed gas cylinders may present safety problems during storage or handling. New types of cooling
include mechanical Stirling coolers that are capable of bringing temperatures as low as liquid nitrogen.



Several manufacturers have developed detectors capable of detecting infrared wavelengths at normal
room temperatures. These uncooled sensors, coupled with new array-type sensors hold promise for the
future of lower-cost radiometers.

The second major component of the infrared scanning system is a real-time microprocessor coupled
to a black-and-white or color display monitor. With this component, cooler items being scanned are
normally represented by darker gray tones, and warmer areas are represented by lighter gray tones. To
make the images easier to interpret for those unfamiliar with interpreting gray-tone images, a color
monitor may also be installed. The microprocessor will quantize the continuous gray-tone energy images
into two, three, or more “buckets” of energy levels and assign them contrasting visual colors representing
relative temperatures. Thus, the color monitor displays the different temperature levels as contrasting
colors and patterns, which are easier to decipher.

The third major component of the infrared data collection system is the data acquisition and analysis
equipment. It is composed of an analog-to-digital converter for use with analog sensors, a computer with
a high-resolution color monitor, and data storage and analysis software. The computer allows the transfer
of instrumentation videotape or live images of infrared scenes to single-frame computer images. The
images can then be stored individually and later retrieved for enhancement and individual analysis. The
use of the computer allows the engineer in charge of testing to set specific analysis standards based on
invasive sample tests, such as corings, and apply them uniformly to the entire pavement. Standard, off-
the-shelf image analysis programs may be used or custom-written software may be developed. 

FIGURE 15.1  Color figure follows p. 15-10.) Visual and thermal images of powdery concrete on the Martin Luther
King Bridge in St. Louis, Missouri. Red areas on thermal image represent powdery concrete.

FIGURE 15.2  Infrared thermographic radiometer.



The fourth major component consists of various types of image recording and retrieving devices.
These are used to record both visual and thermal images. They may be composed of instrumentation
videotape recorders, still-frame film cameras with both instant and 35 mm or larger formats, or computer
digital images.

All the above equipment may be carried into the field or parts of it may be left in the laboratory for
additional use. If all of the equipment is transported to the field to allow simultaneous data acquisition
and analysis, it is prudent to use an automotive van to set up and transport the equipment. This van
should include power supplies for the equipment, either batteries and inverter or a small gasoline-driven
generator. The van should also include a method to elevate the scanner head and accompanying video
camera to allow scanning of the widest area possible depending on the system optics used (Figure 15.3).

Several manufacturers produce infrared thermographic equipment. Each manufacturer’s equipment
has its own strengths and weaknesses. These variations are in a constant state of change as manufacturers
alter and improve their equipment. Therefore, equipment comparisons should be made before purchase.

15.5 Testing Procedures

To perform an infrared thermographic inspection, a movement of heat must be established in the
structure. The first example deals with the simplest and most widespread situation. Assume that we desire
to test an open concrete bridge deck surface. The day preceding the inspection should be dry with plenty
of sunshine. The inspection may begin either 2 to 3 h after sunrise or 2 to 3 h after sunset; both are times
of rapid heat transfer. The deck should be cleaned of all debris. Traffic control should be established to
prevent accidents and to prevent traffic vehicles from stopping or standing on the pavement to be tested.
The infrared radiometer should be mounted in a mobile van along with other peripheral equipment
such as recorders for data storage and a computer for assistance in data analysis. The scanner head and
either a regular film-type camera or a standard video camera should be aligned to view the same sections
being tested.

The next step is to locate a section of concrete deck and, by chain dragging (sounding), coring, or
ground-penetrating radar, establish that it is sound concrete. Image the reference area and set the
equipment controls so that an adequate temperature image is viewed and recorded. Next, locate a section
of concrete deck known to be defective by containing a void, delamination, or powdery material, again
by using either chain dragging, coring, or ground-penetrating radar. Image this reference area and again
make sure that the equipment settings allow the viewing of both the sound and defective reference areas
in the same image with the widest contrast possible. These settings will normally produce a sensitivity
scale such that the full-scale represents no more than 5 C.

If a black-and-white monitor is used, better contrast images will normally be produced when the
following convention is used: black is defective concrete and white is sound material. If a color monitor

FIGURE 15.3  Infrared thermographic radiometer sensor and optics mounted on a custom-designed mobile van
designed to hold the electronic processing and computer enhancement systems.



or computer-enhanced screen is used, three colors are normally used to designate definite sound areas,
definite defective areas, and indeterminate areas. As has been mentioned, when tests are performed during
daylight hours, the defective concrete areas will appear warmer, whereas during tests performed after
dark, defective areas will appear cooler.

Once the controls are set and traffic control is in place, the van may move forward as rapidly as images
can be collected, normally 1 to 30 mph (2 to 50 km/h). If it is desired to mark the pavement, white or
metallic paint may be used to outline the defective deck areas when the pavement is covered by black
asphalt and orange-colored paint when plain concrete is being investigated. At other times, videotape
may be used to document the defective areas, or a scale drawing may be produced complete with bridge
deck reference points. Production rates as high as 1,200,000 ft2/day (112,000 m2/day) have been attained.
During long testing sessions, reinspection of the reference areas should be performed approximately
every 2 h, with more calibration retests scheduled during the early and later periods of the session when
the testing “window” may be opening or closing.

For inside areas where the sun cannot be used for its heating effect, it may be possible to use the same
techniques, except for using the ground as a heat sink. The equipment should be set up in a similar
fashion to that designed above, except that the infrared radiometer’s sensitivity will have to be increased.
Once the data are collected and analyzed, the results should be plotted on scale drawings of the area
inspected. Defective areas should be clearly marked so that trends can be observed. Computer enhance-
ments can have varying effects on the accuracy and efficiency of the inspection systems. Image contrast
enhancements can improve the accuracy of the analysis by bringing out fine details, and automatic
plotting and area analysis software can improve the efficiency in preparing the finished report.

A word of caution: When inspecting areas that contain shadow-causing areas, such as bridges with
superstructures or parapet walls, or pavements near buildings, it is preferable to perform the investigation
after sundown (Figure 15.4). Because the shadows will constantly move, their resulting temperature
variations will average out to a uniform level.

Many of the above basic techniques are included in ASTM D4788, “Test Method for Detecting Delam-
inations in Bridge Decks Using Infrared Thermography.” Since 1988, this consensus standard has been
the basis for over 900 bridge and other pavement investigations performed by the author throughout the
world. 

FIGURE 15.4  Color figure follows p. 15-10.) Computer-enhanced thermographic image of concrete pavement next
to a three-story building. Bands of temperature are caused by shadows restricting solar energy being absorbed by
pavement as shadows move.



15.6 Case Histories

To illustrate some diverse applications for infrared thermographic concrete testing, five case histories are
reviewed:

1. Bridge deck concrete
2. Airport taxiway concrete
3. Garage deck concrete
4. Swimming pool concrete
5. Tunnel wall concrete

Each of these investigations highlights a different important application of this nondestructive, remote-
sensing evaluation technique.

The first case history reviews the inspection of an asphalt overlaid concrete deck on the nation’s busiest
truck bridge, the three-lane, 3500-ft-long (1070-m) Peace Bridge over the Niagara River between Fort
Erie, Ontario, Canada and Buffalo, New York (Figure 15.5). The investigation took place during the night
in early August. Core drilling was performed from midnight to approximately 4:30 A.M. The coring process
was designed to assist in the infrared thermography and ground-penetrating radar data depth calibration
and required that two representative deck pavement cores be collected. The cores were collected in the
center lane (Figure 15.6). At approximately midnight, the investigators began driving a customized data
collection vehicle from the east abutment toward the west abutment. Each driven lane pass took approx-
imately 15 min during which time traffic was routed around the data collection vehicle and an associated
traffic control vehicle supplied by the Peace Bridge Authority. No lane traffic was permanently halted.

A second case study involves the inspection of over 3125 slabs of reinforced concrete on the taxiway
of one of the busiest airports in America, Lambert St. Louis International Airport. This inspection was
performed during August and the field inspection took a total of 7 nights, during 2 of which no data
collection could be done because of rain.

Because air traffic flow could not be interrupted on the taxiways, the inspection was performed from
11:00 P.M. to 5:00 A.M. when traffic was light. To move the infrared equipment about rapidly and to move
in and out of air traffic flow quickly, a van was used to carry all the infrared testing equipment along
with associated surveying tools, such as power supplies, drawing equipment, and various recording
devices. The van was custom-designed to allow the scanner head and visual cameras to be raised to a 14
ft (4.8 m) height during scanning runs to allow the surveying of a slab 25 ft (8.0 m) wide by 25 ft (8.0
m) long in a single view. Production rates, which included the scanning operation, storage of images on
computer disks and videotape, occasional 35-mm photographs, and all analysis allowed the inspection
of up to 500,000 ft2 (46,500 m2) per night. 

Prior to beginning the inspection, reference and calibration areas were determined for sound concrete
and for concrete with subsurface voids and delaminations. These areas were rescanned at regular intervals
during the inspection to ensure that equipment settings allowed for accurate data collection. This

FIGURE 15.5  Front and side views of the nation’s busiest truck bridge over the Niagara River between Fort Erie,
Ontario, Canada and Buffalo, New York, U.S.A.



information was fed continuously into a computer and a color monitor was used to assist in location of
anomalies. To speed data interpretation, the thermal data presented on the monitor were divided into
three categories represented by three colors: green for solid concrete; yellow for concrete areas with minor
temperature deviations most likely caused by minor surface deterioration; and red for concrete areas
with serious subsurface cracks/voids. The computer was also used to determine the area on each slab
that appeared in the above colors. These data were used to designate each individual slab for no corrective
action, spot repairs, or major replacement.

The third case history involves the inspection of parking garage concrete and adjacent roadway concrete
at the same facility, Lambert St. Louis International Airport. The same techniques as described above
were used, but particular attention was paid to the expansion joint areas between concrete slabs. Figure
15.7 shows one of the computer-enhanced thermograms and a visual picture of an expansion joint in
good condition. Figure 15.8 shows a nearby joint in a deteriorated subsurface condition. The surface
visual photograph shows no visual surface deterioration. The deteriorated areas were confirmed and
rehabilitated the following year.

FIGURE 15.6  (Color figure follows p. 15-10.) Infrared thermograms (bottom) detecting solid concrete (light blue)
and half-depth delaminated concrete (dark blue and purple) and confirming ground-penetrating radar profiles (top
left and top right) and corings (center).

FIGURE 15.7  (Color figure follows p. 15-10.) Visual and thermal images illustrating a good roadway expansion
joint located at Lambert St. Louis International Airport.



A fourth case history involved the investigation of approximately 20,000 ft2 (1860 m2) of reinforced
concrete in a municipal in-ground swimming pool. The investigation was performed during the night
from 8:00 to 11:00 P.M. in September, and it involved the use of an infrared thermographic, wideband,
3- to 12- m radiometric imager. The purpose of the investigation was to locate subsurface water supply
pipeline leaks and water migration and erosion voids beneath the pool bottom. The detection and analysis
process involved the use of the infrared thermographic radiometric imager to measure, display, and store
a temperature image, or map, of the concrete surface temperatures in various areas of the pool, including
the deep pool, shallow pool, and surrounding deck areas. Cooler concrete surface areas would represent
subsurface areas containing either voids or moisture from leaking pipes or moisture movement through
poor concrete joints and microcracks.

The deep pool walls and floor were investigated and no significant signs of leaks or voids were detected.
The shallow pool floor contained a significant number of signatures indicative of subsurface water-
saturated areas and their resulting erosion voids (Figure 15.9.). As a result of the large portion of the
shallow pool floor that exhibited these signatures, approximately 60 to 70%, it was decided not to try to
map each of the individual anomaly areas. Instead, it was recommended that the entire floor of the
shallow pool be rehabilitated. During the investigation, verification, in the form of using a small hammer
to sound the areas that exhibited thermal signatures indicative of subsurface voids, was performed, along
with a control check of areas that exhibited no anomalies. These tests showed a 100% correlation.

The fifth case history involved an investigation on whether a patented system based on infrared
thermography and ground-penetrating radar could be used to locate subsurface concrete voids and
water leaks in the concrete lining of the immersed tubes (approximately 1 mile, or 1.6 km, long, 3
ft, or 900 mm, thick, and 29 ft, or 8.8 m, in diameter) of the Hung Hom Cross-Harbour Tunnel in
Hong Kong.

The initial tunnel investigation occurred in the southbound tunnel during May. No interruption to
traffic flow or to use of the facilities occurred because of the investigation process. The vertical walls of
the main traffic portion of the tunnel were investigated using the infrared sensors on the system while
the van carrying the sensors and associated electronics moved forward at 5 to 10 mph (8 to 16 km/h)
in each outer lane (Figure 15.10A). One pass was required in each lane direction in order to image 100%
of each vertical side wall. When this portion of the data collection was completed, the infrared thermog-
raphy and ground-penetrating radar equipment was taken from the van and installed on small, wheeled
carts, which were lifted into the upper and lower ventilation chambers to investigate concrete conditions
in the normally inaccessible sections of the tunnel. Both ventilation ducts contained airflows greater than
30 mph, or 50 km/h) at more than 65% relative humidity.

Multiple areas of the upper and lower ventilation areas of the submerged tunnel crown walls were
imaged by the infrared-based system and then confirmed by the bulkier and less efficient ground-
penetrating radar system (Figure 15.10B).

The infrared thermographic system detected thermal anomalies indicative of conditions not normal
to a concrete liner. The thermal signatures (surface temperature differences) were much less intense,

FIGURE 15.8  (Color figure follows p. 15-10.) Visual and thermal images illustrating a deteriorated roadway expan-
sion joint containing both voids and water located at Lambert St. Louis International Airport.



0.1 to 0.2 C as opposed to typical expected values of 1 to 2 C. These reduced temperature signatures
were believed to be due to the high airflow and high humidity in the ventilation ducts, which increased
the heat transfer effects of the concrete surfaces dramatically. One of the anomalous areas detected first
by the infrared sensors and then confirmed by the ground-penetrating radar system was located at station
23 + 15 ft (Figure 15.10B and C). This area contained a concrete void with a volume of about 3 ft3 (0.08
m3). On closer, invasive examinations, it was obvious that the defect had been previously detected and
covered over without actually structurally repairing the concrete liner, a very dangerous practice.

The infrared-based investigation system proved to be very effective in detecting hidden concrete voids
and leaks, even though the heat transfer effects of the high humidity and high airflow reduced the
temperature signatures. For this type of application, it was recommended that future investigations be
performed during tunnel-cleaning operations when traffic is reduced to a minimum and ventilation flow
can be likewise reduced. 

15.7 Advantages and Limitations

Infrared thermographic testing techniques for determining concrete subsurface voids, delaminations,
pooled moisture, and other anomalies have advantages over invasive tests such as coring and other
nondestructive testing techniques such as radioactive/nuclear, electrical/magnetic, acoustic, and ground-
penetrating radar.

The obvious advantage of remote-sensing infrared thermographic data collection over invasive testing
methods is that major concrete areas need not be destroyed during the testing. Only small calibration
corings are used. This results in major savings in time, labor, equipment, traffic control, and scheduling
problems. In addition, when aesthetics are important, no disfiguring occurs on the concrete to be tested.
Rapid setup and takedown are also advantages when vandalism is possible. Finally, no concrete dust or
debris is generated that could cause environmental problems.

FIGURE 15.9  (Color figure follows p. 15-10.) Visual and thermal images of shallow pool floor. Purple and dark
blue colors denote void and water migration areas.



There are other advantages of infrared thermographic methods over other nondestructive methods.
Infrared thermographic equipment is safe, as it emits no radiation. It only records thermal radiation that
is naturally emitted from the concrete, as well as from all other objects. It is similar in function to an
ordinary thermometer, only much more efficient.

FIGURE 15.10  (Color figure for (C) follows p. 15-10.) (A) Hong Kong Cross-Harbour Tunnel showing walls
adjacent to traffic lanes along with van-mounted infrared thermographic equipment used to investigate tunnel walls
for voids and leaks. (B) Hong Kong Cross-Harbour Tunnel showing walls in top and bottom ventilation cavities with
portable infrared thermography and ground-penetrating radar equipment used to investigate tunnel walls for voids
and leaks. (C) Infrared thermogram (left) showing hidden wall cavity covered by painted plywood and confirming
ground-penetrating radar profile (right).



The final and main advantage of infrared thermography is that it is an area-testing technique, whereas
the other nondestructive and destructive methods are point-testing or line-testing methods. Thus,
infrared thermography is capable of forming a two-dimensional image of the test surface showing the
extent of subsurface anomalies.

The other methods including radioactive/nuclear, electrical/magnetic, acoustic, and ground-penetrat-
ing radar are all point tests. They depend on a signal propagating downward through the concrete at a
discrete point. This gives an indication of the concrete condition at that point. If an area is to be tested,
then multiple readings must be taken.

Ground-penetrating radar has the advantage over the other point-testing techniques in that the sensor
may be mounted on a vehicle and moved in a straight line over the test area. This improves efficiency
somewhat, but if an area is wide, many line passes have to be made.

There is one disadvantage to infrared thermographic testing. At this stage of development, the depth
or thickness of a void cannot be determined, although its outer dimensions are easily derived. It cannot
be determined if a subsurface void is near the surface or farther down at the level of the reinforcing bars,
although the temperatures of the surfaces above the anomalies are relative to their depth below the top
surface. Techniques such as ground-penetrating radar or stress wave propagation methods can determine
the depth of the void, but again these methods cannot determine the other dimensions in a single
measurement.

In most testing instances, the thickness of the anomaly is not nearly as important as its other dimen-
sions. But in those cases where information on a specific anomaly thickness or depth is needed, it is
recommended that infrared thermography be used to survey the large areas for problems. Once specific
problem locations are established, ground-penetrating radar can be used to spot-check the anomaly for
its depth and thickness. This combined technique would give the best combination of accuracy, efficiency,
economy, and safety.

15.8 Summary

1. Infrared thermographic testing techniques are based on the principle that various subsurface
defects change the rate at which heat flows through a structure.

2. Infrared thermographic testing may be performed during both day- and nighttime hours depend-
ing on environmental conditions.

3. Infrared thermographic techniques can distinguish various types and depths of anomalies when
combined with proper calibration techniques utilizing corings or ground-penetrating radar.

4. Infrared thermographic imaging techniques are more efficient than other invasive and nonde-
structive, manual and electronic, methods when testing large concrete areas.

5. Computer analysis of thermal images greatly improves the accuracy and speed of test interpreta-
tion.

6. Infrared thermographic techniques can determine subsurface anomaly locations and horizontal
dimensions, and with new methods of data analysis it may be possible to estimate the depth of a
void.
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16.7 Laboratory Studies of Acoustic Emission
Fracture Mechanics Studies · Type of Cracks · Fracture Process 
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and Concretes · High Alumina Cement · Thermal Cracking ·
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16.8 Field Studies of Acoustic Emission
16.9 Conclusions

Acoustic emission refers to the sounds, both audible and subaudible, that are generated when a material
undergoes irreversible changes, such as those due to cracking. Acoustic emissions (AE) from concrete
have been studied for the past 30 years, and can provide useful information on concrete properties. This
review deals with the parameters affecting acoustic emissions from concrete, including discussions of the
Kaiser effect, specimen geometry, and concrete properties. There follows an extensive discussion of the
use of AE to monitor cracking in concrete, whether due to externally applied loads, drying shrinkage, or
thermal stresses. AE studies on reinforced concrete are also described. While AE is very useful laboratory
technique for the study of concrete properties, its use in the field remains problematic.

16.1 Introduction

It is common experience that the failure of a concrete specimen under load is accompanied by a
considerable amount of audible noise. In certain circumstances, some audible noise is generated even
before ultimate failure occurs. With very simple equipment — a microphone placed against the specimen,
an amplifier, and an oscillograph — subaudible sounds can be detected at stress levels of perhaps 50%
of the ultimate strength; with the sophisticated equipment available today, sound can be detected at much
lower loads, in some cases below 10% of the ultimate strength. These sounds, both audible and subaudible,
are referred to as acoustic emission.

Sidney Mindess
University of British Columbia
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In general, acoustic emissions are defined as “the class of phenomena whereby transient elastic waves
are generated by the rapid release of energy from localized sources within a material.”1 These waves
propagate through the material, and their arrival at the surfaces can be detected by piezoelectric trans-
ducers. Acoustic emissions, which occur in most materials, are caused by irreversible changes, such as
dislocation movement, twinning, phase transformations, crack initiation, and propagation, debonding
between continuous and dispersed phases in composite materials, and so on. In concrete, since the first
three of these mechanisms do not occur, acoustic emission is due primarily to:

1. Cracking processes
2. Slip between concrete and steel reinforcement
3. Fracture or debonding of fibers in fiber-reinforced concrete

16.2 Historical Background

The initial published studies of acoustic emission phenomena, in the early 1940s, dealt with the problem
of predicting rockbursts in mines; this technique is still very widely used in the field of rock mechanics, in
both field and laboratory studies. The first significant investigation of acoustic emission from metals (steel,
zinc, aluminum, copper, and lead) was carried out by Kaiser.2 Among many other things, he observed what
has since become known as the Kaiser effect: “the absence of detectable acoustic emission at a fixed sensitivity
level, until previously applied stress levels are exceeded.”1 While this effect is not present in all materials, it
is a very important observation, and it will be referred to again later in this review.

The first study of acoustic emission from concrete specimens under stress appears to have been carried
out by Rüsch,3 who noted that during cycles of loading and unloading below about 70 to 85% of the
ultimate failure load, acoustic emissions were produced only when the previous maximum load was
reached (the Kaiser effect). At about the same time, but independently, L’Hermite4,5 also measured acoustic
emission from concrete, finding that a sharp increase in acoustic emission coincided with the point at
which Poisson’s ratio also began to increase (i.e., at the onset of significant matrix cracking in the
concrete). In 1965, however, Robinson6 used more sensitive equipment to show that acoustic emission
occurred at much lower load levels than had been reported earlier, and hence, could be used to monitor
earlier microcracking (such as that involved in the growth of bond cracks in the interfacial region between
cement and aggregate). In 1970, Wells7 built a still more sensitive apparatus, with which he could monitor
acoustic emissions in the frequency range from about 2 to 20 kHz. However, he was unable to obtain
truly reproducible records for the various specimen types that he tested, probably due to the difficulties
in eliminating external noise from the testing machine. Also in 1970, Green8 reported a much more
extensive series of tests, recording acoustic emission frequencies up to 100 kHz. Green was the first to
show clearly that acoustic emissions from concrete are related to failure processes within the material;
using source location techniques, he was also able to determine the locations of defects. It was this work
that indicated that acoustic emissions could be used as an early warning of failure. Green also noted the
Kaiser effect, which suggested to him that acoustic emission techniques could be used to indicate the
previous maximum stress to which the concrete had been subjected. As we will see below, however, a
true Kaiser effect appears not to exist for concrete.

Nevertheless, even after this pioneering work, progress in applying acoustic emission techniques remains
slow. An extensive review by Diederichs et al.9 covers the literature on acoustic emissions from concrete up
to 1983. However, as late as 1976, Malhotra10 noted that there was little published data in this area, and
that “acoustic emission methods are in their infancy.” Even in January, 1988, a thorough computer-aided
search of the literature found only some 90 papers dealing with acoustic emissions from concrete over about
the previous 10 years; while this is almost certainly not a complete list, it does indicate that there is much
work to be carried out before acoustic emission monitoring becomes a common technique for testing
concrete. Indeed, there are still no standard test methods which have even been suggested for this purpose.
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16.3 Theoretical Considerations

When an acoustic emission event occurs at a source with the material, due to inelastic deformation or
to cracking, the stress waves travel directly from the source to the receiver as body waves. Surface waves
may then arise from mode conversion. When the stress waves arrive at the receiver, the transducer
responds to the surface motions that occur. It should be noted that the signal captured by the recording
device may be affected by the nature of the stress pulse generated by the source, the geometry of the test
specimen, and the characteristics of the receiver, making it difficult to interpret the recorded waveforms.
Two basic types of acoustic emission signals can be generated (Figure 16.1):

Continuous emission is “a qualitative description of the sustained signal level produced by rapidly
occurring acoustic emission events.”1 These are generated by events such as plastic deformations in
metals, which occur in a reasonably continuous manner.

Burt emission is “a qualitative description of the discrete signal related to an individual emission event
occurring within the matrial,”1 such as that which may occur during crack growth or fracture in brittle
materials. These burst signals are characteristic of the acoustic emission events resulting from the
loading of cementitious materials.

Acoustic emissions from concrete occur over a very wide range of frequencies. The earliest work
concentrated on rather low frequencies. Robinson6 recorded acoustic emissions mainly at two frequen-
cies: 2 kHz and 13 to 14 kHz; Wells7 worked in the frequency range of 2 to 20 kHz; and Green8 recorded
emissions only up to 100 kHz. More modern instrumentation, however, can record much higher
frequencies, typically in the range of 50 kHz to about 2 MHz. At lower frequencies, extraneous
background noises from the test equipment of the laboratory environment become a problem; this
was the difficulty faced in the earlier investigations referred to above. On the other hand, at very high
frequencies, the attenuation of the signals is too severe, and thus, the distance from the piezoelectric
transducer to the acoustic emission source must be reduced. The precise frequency range that is
monitored does not appear to be very important for concrete. Detailed studies by Tanigawa et al.11 in
the frequency range up to 400 kHz showed that at low stresses, emissions tended to be in the frequency
range below 150 kHz; at higher stresses, the higher frequency components become more significant.
However, the relative shapes of the acoustic emission output vs. load curves were much the same for
all of the frequency ranges studied.

FIGURE 16.1  The two basic types of acoustic emission signals. (A) Continuous emission. (B) Burst emission.
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16.4 Evaluation of Acoustic Emission Signals

A typical acoustic emission signal from concrete is shown in Figure 16.2.12 However, when such acoustic
events are examined in much greater detail, as shown in Figure 16.3,13 the complexity of the signal
becomes even more apparent; the scatter in noise, shown in Figure 16.3, makes it difficult to determine
exactly the time of arrival of the signal; this means that very sophisticated equipment must be used to
get the most information out of the acoustic emission signals. In addition, to obtain reasonable sensitivity,
the acoustic emission signals must be amplified. In concrete, typically, system gains in the range of 80
to 100 decibels (dB) are used.

There are a number of different ways in which acoustic emission signals may be evaluated.

Acoustic Emission Counting (ring-down counting) — This is the simplest way in which an acoustic
emission event may be characterized. It is “the number of times the acoustic emission signal exceeds a
preset threshold during any selected portion of a test,”1 and is illustrated in Figure 16.4. A monitoring
system may record:

1. The total number of counts (e.g., 13 counts in Figure 16.4). Since the shape of a burst emission is
generally a damped sinusoid, pulses of higher amplitude will generate more counts.

2. The count rate. This is the number of counts per unit of time; it is particularly useful when very
large numbers of counts are recorded.

3. The mean pulse amplitude. This may be determined by using a root-mean square meter, and is an
indication of the amount of energy being dissipated.

Clearly, the information obtained using this method of analysis depends upon both the gain and the
threshold setting. Ring-down counting is affected greatly by the characteristics of the transducer, and the
geometry of the test specimen (which may cause internal reflections) and may not be indicative of the
nature of the acoustic emission event. In addition, there is no obvious way of determining the amount
of energy released by a single event, or the total number of separate acoustic events giving rise to the
counts.

FIGURE 16.2  A typical acoustic emission signal from concrete. (From Berthelot, J.M. et al., private communication,
1987. With permission.)
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Event counting — Circuitry is available which counts each acoustic emission event only once, by
recognizing the end of each burst emission in terms of a predetermined length of time since the last
count (i.e., since the most recent crossing of the threshold). In Figure 16.4, for instance, the number of
events is three. This method records the number of events, which may be very important, but provides
no information about the amplitudes involved.
Rise time — This is the interval between the time of first occurrence of signals above the level of the
background noise and the time at which the maximum amplitude is reached. This may assist in deter-
mining the type of damage mechanism.
Signal duration — This is the duration of a single acoustic emission event; this too may be related to
the type of damage mechanism.
Amplitude distribution — This provides the distribution of peak amplitudes. This may assist in iden-
tifying the sources of the emission events that are occurring.
Frequency analysis — This refers to the frequency spectrum of individual acoustic emission events. This
technique, generally requiring a fast Fourier transformation analysis of the acoustic emission waves, may
help discriminate between different types of events. Unfortunately, a frequency analysis may sometimes
simply be a function of the response of the transducer, and thus reveal little of the true nature of the pulse.
Energy analysis — This is an indication of the energy released by an acoustic emission event; it may be
measured in a number of ways, depending on the equipment, but it is essentially the area under the
amplitude vs. time curve (Figure 16.4) for each burst. Alternatively, the area under the envelope of the
amplitude vs. time curve may be measured for each burst. 

FIGURE 16.3  Typical view of an acoustic emission event as displayed in an oscilloscope screen. (Adapted from Maji,
A. and Shah, S.P., Exp. Mech., 26, 1, 1988, p. 27.)
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Defect location — By using a number of transducers to monitor acoustic emission events, and deter-
mining the time differences between the detection of each event at different transducer positions, the
location of the acoustic emission event may be determined by using triangulation techniques. Work by
Maji and Shah,13 for instance, has indicated that this technique may be accurate to within about 5 mm.
Analysis of the wave-form — Most recently, it has been suggested14,15 that an elaborate signals processing
technique (deconvolution) applied to the wave-form of an acoustic emission event can provide informa-
tion regarding the volume, orientation, and type of microcrack.

Ideally, since all of these methods of data analysis provide different information, one would wish to
measure them all. However, this is neither necessary nor economically feasible. In the discussion that
follows, it will become clear that the more elaborate methods of analysis are useful in fundamental
laboratory investigations, but may be inappropriate for practical applications.

16.5 Instrumentation and Test Procedures

Instrumentation (and, where necessary, the associated computer software) is available, from a number
of different manufacturers, to carry out all of the methods of signal analysis described above. It might
be added that advances in instrumentation have outpaced our understanding of the nature of the elastic
waves resulting from microcracking in concrete. The main elements of a modern acoustic emission
detection system are shown schematically in Figure 16.5. A brief description of the most important parts
of this system is as follows: 

1. Transducers: Piezoelectric transducers (generally made of lead zirconate titanate, PZT) are used
to convert the surface displacements into electric signals. The voltage output from the transducers
is directly proportional to the strain in the PZT, which depends in turn on the amplitude of the
surface waves. Since these transducers are high impedance devices, they yield relatively low signals,
typically less than 100 V. There are basically two types of transducers. Wide-band transducers
are sensitive to acoustic events with frequency responses covering a wide range, often several
hundred kHz. Narrow-band transducers are restricted to a much narrower range of frequencies,
using bandpass filters. Of course, the transducers must be properly coupled to the specimen, often
using some form of silicone grease as the coupling medium.

2. Preamplifier: Because of the low voltage output, the leads from the transducer to the preamplifier
must be as short as possible; often, the preamplifier is integrated within the transducer itself.
Typically, the gain in the preamplifier is in the range 40 to 60 dB. (Note: The decibel scale measures
only relative amplitudes. Using this scale:

FIGURE 16.4  The principle of acoustic emission counting (ring-down counting).
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where V is the output amplitude and Vi is the input amplitude. That is, a gain of 40 dB will increase
the input amplitude by a factor of 100; a gain of 60 dB will increase the input amplitude by a
factor of 1000, and so on.)

3. Passband filters are used to suppress the acoustic emission signals that lie outside of the frequency
range of interest.

4. The main amplifier further amplifies the signals, typically with a gain of an additional 20 to 60 dB.
5. The discriminator is used to set the threshold voltage above which signals are counted.

The remainder of the electronic equipment depends upon the way in which the acoustic emission data
are to be recorded, analyzed, and displayed.

Acoustic emission testing may be carried out in the laboratory or in the field. Basically, one or more
acoustic emission transducers are attached to the specimen. The specimen is then loaded slowly, and the
resulting acoustic emissions are recorded. There are generally two categories of tests:

1. To use the acoustic emission signals to learn something about the internal structure of the material,
and how structural changes (i.e., damage) occur during the process of loading. In this case, the
specimens are generally loaded to failure.

2. To establish whether the material or the structure meet certain design or fabrication criteria. In
this case, the load is increased only to some predetermined level (“proof” loading). The amount
and nature of the acoustic emissions may be used to establish the integrity of the specimen or
structure, and may also sometimes be used to predict the service life.

FIGURE 16.5  The main elements of a modern acoustic emission detection system.
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16.6 Parameters Affecting Acoustic Emissions from Concrete

16.6.1 The Kaiser Effect

The earliest acoustic emission studies of concrete, such as the work of Rüsch,3 indicated that a true
Kaiser effect (see above) exists for concrete; that is, acoustic emissions were found not to occur in
concrete that had been unloaded until the previously applied maximum stress had been exceeded on
reloading. This was true, however, only for stress levels below about 75 to 85% of the ultimate strength
of the material; for higher stresses, acoustic emissions began again at stresses somewhat lower than
the previous maximum stress. Subsequently, a number of other investigators have also concluded that
concrete exhibits a Kaiser effect, at least for stresses below the peak stress of the material.10,13,16–18

Spooner and Dougill16 confirmed that this effect did not occur beyond the peak of the stress-strain
curve (i.e., in the descending portion of the stress-strain curve), where acoustic emissions occurred
again before the previous maximum strain was reached. It has also been suggested that a form of the
Kaiser effect occurs as well for cyclic thermal stresses in concrete,19 and for drying and wetting cycles.20

On the other hand, Nielsen and Griffin21 have reported that the Kaiser effect is only a very temporary
effect in concrete; with only a few hours of rest between loading cycles, acoustic emissions are again
recorded during reloading to the previous maximum stress. They therefore concluded “that the Kaiser
effect is not a reliable indicator of the loading history for plain concrete.” Thus, it is unlikely that the
Kaiser effect could be used in practice to determine the previous maximum stress that a structural
member has been subjected to.

16.6.2 Effect of Loading Devices

As is well known, the end restraint of a compression specimen of concrete due to the friction between
the ends of the specimen and the loading platens can have a considerable effect on the apparent strength
of the concrete. These differences are also reflected in the acoustic emissions measured when different
types of loading devices are used.22 For instance, in compression testing with stiff steel platens, most of
the acoustic emission appears at stresses beyond about half of the ultimate stress; with more flexible
platens, such as brush platens, significant acoustic emission appears at about 20% of the ultimate stress.
This undoubtedly reflects the different crack patterns that develop with different types of platens, but it
nonetheless makes interlaboratory comparisons, and indeed even studies on different specimen geome-
tries within the same laboratory, very difficult.

16.6.3 Signal Attenuation

The elastic stress waves that are generated by cracking attenuate as they propagate through the concrete.
Thus, large acoustic emission events that take place in the concrete far from a pick-up transducer may
not exceed the threshold excitation voltage due to this attenuation, while much smaller events may be
recorded if they occur close to the transducer. Very little information is available on acoustic emission
attenuation rates in concrete. It has been shown that more mature cements show an increasing capacity
to transmit acoustic emissions.20 Related to this, Mindess23 has suggested that the total counts to failure
for concrete specimens in compression are much higher for older specimens, which may also be explained
by the better transmission through older concretes.

As a practical matter, the maximum distance between piezoelectric transducers, or between the trans-
ducers and the source of the acoustic emission event, should not be very large. Berthelot and Robert24

required an array of transducers arranged in a 40-cm square mesh to locate acoustic emission events
reasonably accurately. They found that for ordinary concrete, with a fifth transducer placed in the center
of the 40 40-cm square mesh, only about 40% of the events detected by the central transducer were
also detected by the four transducers at the corners; with high strength concrete, this proportion increased
to 60 to 70%. Rossi25 also found that a 40-cm square mesh was needed for a proper determination of
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acoustic emission events. Although more distant events can, of course, be recorded, there is no way of
knowing how many events are “lost” due to attenuation. This is an area that requires much more study.

16.6.4 Specimen Geometry

It has been shown that smaller specimens appear to give rise to greater levels of acoustic emission than
do larger ones.17 The reasons for this are not clear, although the observation may be related to the
attenuation effect described above. After an acoustic emission event occurs, the stress waves not only
travel from the source to the sensor, but also undergo reflection, diffraction, and mode conversions within
the material. The basic problem of wave propagation within a bounded solid certainly requires further
study, but there have apparently been no comparative tests on different specimen geometries.

16.6.5 Type of Aggregate

It is not certain whether the mineralogy of the aggregate has any effect on acoustic emission. It has been
reported that concretes with a smaller maximum aggregate size produce a greater number of acoustic
emission counts than those with a larger aggregate size;10 however, the total energy released by the finer
aggregate concrete is reduced. This is attributed to the observation that concretes made with smaller
aggregates start to crack at lower stresses; in concretes with larger aggregate particles, on the other hand,
individual acoustic events emit higher energies. For concretes made with lightweight aggregates, the total
number of counts is also greater than for normal weight concrete, perhaps because of cracking occurring
in the aggregates themselves.

16.6.6 Concrete Strength

It has been shown that the total number of counts to the maximum load is greater for higher strength
concretes.23 However, as was mentioned earlier,23 for similar strength levels the total counts to failure
appears to be much higher for older concretes.

16.7 Laboratory Studies of Acoustic Emission

By far the greatest number of acoustic emission studies of concrete have been carried out in the laboratory,
and have been largely “theoretical” in nature:

1. To determine whether acoustic emission analysis could be applied to cementitious systems
2. To learn something about crack propagation in concrete

16.7.1 Fracture Mechanics Studies

A number of studies have shown that acoustic emission can be related to crack growth or fracture
mechanics parameters in cements, mortars, and concretes. Evans et al.26 showed that acoustic emission
could be correlated with crack velocity in mortars. Morita and Kato27,28 and Nadeau, Bennett, and
Mindess20 were able to relate total acoustic emission counts to Kc (the fracture toughness). In addition,
Lenain and Bunsell29 found that the number of emissions could be related to the sixth power of the stress
intensity factor, K. Izumi et al.30 showed that acoustic emissions could also be related to the strain energy
release rate, G. In all cases, however, these correlations are purely empirical; no one has yet developed a
fundamental relationship between acoustic emission events and fracture parameters, and it is unlikely
that such a relationship exists.

16.7.2 Type of Cracks

A number of attempts have been made to relate acoustic events of different frequencies, or of different
energies, to different types of cracking in concrete. For instance, Saeki et al.,31 by looking at the energy
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levels of the acoustic emissions at different levels of loading, concluded that the first stage of cracking,
due to the development of bond cracks between the cement paste and the aggregate, emitted high energy
signals; the second stage, which they termed “crack arrest,” emitted low energy signals; the final stage, in
which cracks extended through the mortar, was again associated with high energy acoustic events.
Similarly, Tanigawa and Kobayashi32 used acoustic energies to distinguish the onset of “the proportional
limit, the initiation stress and the critical stress.” On the other hand, Tanigawa et al.11 tried to relate the
fracture type (pore closure, tensile cracking, and shear slip) to the power spectra and frequency compo-
nents of the acoustic events. The difficulty with these and similar approaches is that they tried to relate
differences in the recorded acoustic events to preconceived notions of the nature of cracking in concrete;
direct cause and effect relationships were never observed.

16.7.3 Fracture Process Zone (Crack Source) Location

Perhaps the greatest current interest in acoustic emission analysis is its use in locating fracture processes,
and in monitoring the damage that concrete undergoes as cracks progress. Okada et al.33,34 showed that
the location of crack sources obtained from differences in the arrival times of acoustic emissions was in
good agreement with the observed fracture surface. At about the same time, Chhuy et al.35 and Lenain
and Bunsell29 were able to determine the length of the damaged zone ahead of the tip of a propagating
crack using one-dimensional acoustic emission location techniques. In subsequent work, Chhuy et al.,36

using more elaborate equipment and analytical techniques, were able to determine damage both before
the initiation of a visible crack and after subsequent crack extension.

Berthelot and Robert24,37 and Rossi25 used acoustic emission to monitor concrete damage as well. They
found that, while the number of acoustic events showed the progression of damage both ahead and
behind the crack front, this technique alone could not provide a quantitative description of the cracking.
However, using more elaborate techniques, including amplitude analysis and measurements of signal
duration, Berthelot and Robert24 concluded that “acoustic emission testing is practically the only tech-
nique which can provide a quantitative description of the progression in real time of concrete damage
within test specimens.”

Later, much more sophisticated signals processing techniques were applied to acoustic emission anal-
ysis. In 1981, Michaels et al.15 and Niwa et al.38 developed deconvolution techniques to analyze acoustic
waveforms, in order to provide a stress-time history of the source of an acoustic event. Similar decon-
volution techniques were subsequently used by Maji and Shah13,39 to determine the volume, orientation
and type of microcrack, as well as the source of the acoustic events. Such sophisticated techniques have
the potential eventually to be used to provide a detailed picture of the fracture processes occurring within
concrete specimens.

16.7.4 Strength vs. Acoustic Emission Relationships

Since concrete quality is most frequently characterized by its strength, many studies have been directed
towards determining a relationship between acoustic emission activity and strength. For instance, Tani-
gawa and Kobayashi32 concluded that “the compressive strength of concrete can be approximately esti-
mated by the accumulated AE counts at relatively low stress level.” Indeed, they suggested that acoustic
emission techniques might provide a useful nondestructive test method for concrete strength. Earlier,
Fertis40 had concluded that acoustic emissions could be used to determine not only strength, but also
static and dynamic material behavior. Rebic,41 too, found that there is a relationship between the “critical”
load at which the concrete begins to be damaged, which can be determined from acoustic emission
measurements, and the ultimate strength; thus, acoustic emission analysis might be used as a predictor
of concrete strength. Sadowska-Boczar et al.42 tried to quantify the strength vs. acoustic emission rela-
tionship using the equation 

Fr = aFp + b
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where Fr is the rupture strength, Fp is the stress corresponding to the first acoustic emission signal, and
a and b are constants for a given material and loading conditions. Using this linear relationship, which
they found to fit their data reasonably well, they suggested that the observation of acoustic emissions at
low stresses would permit an estimation of strength, as well as providing some characterization of porosity
and critical flaw size.

Unfortunately, the routine use of acoustic emissions as an estimator of strength seems to be an unlikely
prospect, in large part because of the scatter in the data, as has been noted by Fertis.40 As an example of
the scatter in data. Figure 16.623 indicates the variability in the strength vs. total acoustic emission counts
relationship; the within-batch variability is even more severe, as shown in Figure 16.7.23

FIGURE 16.6  Logarithm of total acoustic emission counts vs. compressive strength of concrete cubes. (From
Mindess, S., Int. J. Cem. Comp. Lightweight Concr., 4, 173, 1982. With permission.)

FIGURE 16.7  Within-batch variability of total acoustic emission counts vs. applied compressive stress on concrete-
cubes. (From Mindess, S., Int. J. Cem. Comp. Lightweight Concr., 4, 173, 1982. With permission.)
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16.7.5 Drying Shrinkage

Acoustic emission has been used to try to monitor shrinkage in cement pastes and mortars. Nadeau et
al.20 found that, in hardened pastes, the acoustic emission resulted from cracking due to the unequal
shrinkage of the hydration products. Mortar gave less acoustic emission than hardened paste, suggesting
that the fracture processes at the sand/cement paste interface are not an important source of acoustic
emission. Jeong et al.43 also suggested that, in autoclaved aerated concrete, the acoustic emissions during
drying could be related to microcracking. Again, however, it is unlikely that acoustic emission measure-
ments will be able to be used as a means of predicting the shrinkage as a function of time.

16.7.6 Fiber Reinforced Cements and Concretes

A number of acoustic emission studies have been carried out on fiber reinforced cements and concretes.
Lenain and Bunsell,29 in a study of asbestos cement, found that acoustic emissions resulted both from
cracking of the matrix and fiber pullout. They noted that the Kaiser effect was not found for this type
of fiber-reinforced composite, since on unloading of a specimen the partially pulled out fibers were
damaged, and particles of cement attached to them were crushed, giving rise to acoustic emissions on
unloading. Because these damaged fibers were then less able to resist crack growth, on subsequent
reloading cracks started to propagate at lower stress levels than on the previous cycle, thus, giving off
acoustic emissions below the previously achieved maximum load. Akers and Garrett44 also studied
asbestos cement; they found that acoustic emission monitoring could be used to detect the onset and
development of prefailure cracking. However, they concluded that “there is no basis whatsoever for using
amplitude discrimination in acoustic emission monitoring for distinguishing between the various failure
modes which occur in this material.” On the other hand, Faninger et al.45 argued that in fiber-reinforced
concrete the amplitude pattern of the acoustic emission signals did make it possible to distinguish whether
fracture had occurred in the fibers or between them. Similarly, Jeong et al.43 stated that acoustic emission
frequency analysis could distinguish between different micro-fracture mechanisms in fiber-reinforced
autoclaved aerated concrete.

16.7.7 High Alumina Cement

In concretes made with high alumina (calcium aluminate) cement, the conversion from CAH10
* to C3AH6*

on prolonged aging can lead to a large increase in porosity and therefore a large decrease in strength.
There has thus been considerable interest in finding a nondestructive technique to monitor high alumina
cement concrete (HAC) members. Parkinson and Peters46 concluded that the conversion process itself is
not a source of acoustic emission activity, since no acoustic emissions were generated during the accel-
erated conversion of pastes at the critical w/c ratio of 0.35. However, at the high w/c ratio of 0.65,
conversion was accompanied by a high level of acoustic emission activity, due to the fracture processes
taking place during conversion, associated perhaps with the liberation of excess water. Arrington and
Evans47 suggested that the structural integrity of HAC could be evaluated from the shape of the acoustic
emission vs. load plot, the emissions recorded while the specimens were held under a constant load, and
the decay of emission activity with time.

Perhaps the most extensive series of tests on HAC, carried out at the Fulmer Research Institute in the
U.K., was reported by Williams.48 Apart from observing that the Kaiser effect existed up to the point at
which the beams cracked, some tentative suggestions were made for monitoring HAC beams with acoustic
emissions:

1. If, on loading a beam, no acoustic emission is noted, then the applied load is still less than about
60% of the ultimate load; if acoustic emission occurs, then this percentage of the ultimate load
has been exceeded. If, upon unloading such a beam, further acoustic emission activity is recorded,

*Note that cement chemistry notation is being used: C = CaO; A = Al2O3; H = H2O.
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then the beam is cracked. The amount of acoustic emission during this unloading could indicate
the degree to which the cracking load had been exceeded.

2. If a beam is under its service load, it would behave similarly on application of a superimposed
load. The presence or absence of acoustic emissions during this further loading and unloading
might indicate the condition of the beam.

3. If a beam under service load showed no acoustic emission activity during further loading, but did
so at a later date when loaded to the same level, then the strength must have decreased during
that time interval.

As well, Williams48 noted similar behavior on testing of ordinary prestressed concrete beams, and
suggested that these techniques could be used to evaluate any type of concrete structure, as long as
acoustic emissions not connected with beam damage could be eliminated.

16.7.8 Thermal Cracking

Relatively little work has been carried out on acoustic activity when concrete is subjected to high
temperatures, such as those that may be encountered in fires. However, Hinrichsmeyher et al.19 carried
out tests up to temperatures of 900°C. They claimed that acoustic emission analysis during heating
enabled them to distinguish the different types of thermally induced cracking that occurred. They noted
a thermal Kaiser effect in the temperature range 300 to 600°C, which might help in determining the
maximum temperature reached in a previous heating cycle. The technique was even sensitive enough to
record the acoustic emissions from the quartz inversion at 573°C.

16.7.9 Bond in Reinforced Concrete

A number of acoustic emission studies of debonding of reinforcing bars in reinforced concrete have been
carried out. Kobayashi et al.49 tested simulated beam-column connections with a 90° hooked reinforcing
bar subjected to various cyclic loading histories. They found that the penetration of a surface crack down
to the level of the bar gave rise to only one or two acoustic events; most acoustic emission signals were
generated by the internal cracking around the bar due to fracture at the lugs (ribs) of the bars. Acoustic
emission signals were able to indicate, with reasonable accuracy, the degree of debonding. They suggested
that acoustic emission techniques could be used to determine the amount of bond deterioration in
concrete structures during proof testing, or due to overloads.

In addition, several studies of bond degradation at elevated temperatures have been carried out. Royles
et al.50 studied simple pullout specimens at temperatures up to 800°C. They found that acoustic emissions
were associated with the adhesive failure at the steel-concrete interface, followed by local crushing under
the ribs of the reinforcing bars. They suggested that acoustic emissions could be used to identify the
point of critical slip. In further work, Royles and Morley51 suggested that acoustic emission techniques
might be useful in estimating the quality of the bond in reinforced concrete structures that had been
subjected to fires.

16.7.10 Corrosion of Reinforcing Steel in Concrete

The deterioration of concrete due to corrosion of the reinforcing steel is a major problem, which is usually
detected only after extreme cracking has already taken place. Weng et al.52 found that measurable levels
of acoustic emission occurred even during the corrosion of unstressed reinforced concrete. They suggested
that, at least in the laboratory, acoustic emission monitoring would assist in characterizing corrosion
damage. In subsequent work, Dunn et al.53 developed a relationship between the observed damage and
the resulting acoustic emissions. Damage could be detected in its early stages, and by a combination of
total counts and amplitude measurements, the nature of the corrosion damage could be determined.
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16.8 Field Studies of Acoustic Emission

As shown in the previous section, acoustic emission analysis has been used in the laboratory to study a
wide range of problems. Unfortunately, its use in the field has been severely limited; only a very few
papers on field application have appeared, and these are largely speculation on future possibilities. The
way in which acoustic emission data might be used to provide information about the condition of a
specimen or a structure has been described by Cole;54 his analysis may be summarized as follows:

1. Is there any acoustic emission at a certain load level? If no, then no damage is occurring under
these conditions; if yes, then damage is occurring.

2. Is acoustic emission continuing while the load is held constant at the maximum load level? If no,
no damage due to creep is occurring; if yes, creep damage is occurring. Further, if the count rate
is increasing, then failure may occur fairly soon.

3. Have high amplitude acoustic emissions events occurred? If no, individual fracture events have
been relatively minor; if yes, major fracture events have occurred.

4. Does acoustic emission occur if the structure has been unloaded and is then reloaded to the
previous maximum load? If no, there is no damage or crack propagation under low cycle fatigue;
if yes, internal damage exists and the damage sites continue to spread even under low loads.

5. Does the acoustic emission occur only from a particular area? If no, the entire structure is being
damaged; if yes, the damage is localized.

6. Is the acoustic emission in a local area very localized? if no, damage is dispersed over a significant
area; if yes, there is a highly localized stress concentration causing the damage.

Naus55 used acoustic emissions to monitor intermediate pressure vessels and simple concrete structures
and determine whether this technique could be applied to primary nuclear containment structures. He
concluded that, for monitoring prestressed concrete members, acoustic emission results correlated with
beam behavior and could be used to locate cracks in simple concrete structures. Robert and Brachet-
Rolland56 also suggested that acoustic emission surveys could be used to detect the presence of active
cracks in prestressed concrete structures and to help provide an estimate of the load-carrying capacity
of such structures.

Perhaps the first real field application was carried out by Woodward,57 who used acoustic emission to
monitor cracks in the anchor block of a prestressed concrete bridge. The signals were characterized by
bursts of activity, followed by periods of inactivity. Since the bridge was subjected to dead-weight loading,
longitudinal and vertical prestress, and environmentally induced loads, it was not clear which of these
effects gave rise to the acoustic emissions. At least three different sources of acoustic emission were
identified; direct crack propagation, cracking due to the redistribution of strains within the concrete,
and cracking due to thermal expansions and contractions, but no quantitative results could be obtained.

16.9 Conclusions

From the discussion above, it appears that acoustic emission techniques may be very useful in the
laboratory to supplement other measurements of concrete properties. However, their use in the field
remains problematic. Many of the earlier studies held out high hopes for acoustic emission monitoring
of structures. For instance, McCabe et al.17 suggested that, if a structure was loaded, the absence of acoustic
emissions would indicate that it was safe under the existing load conditions; a low level of acoustic
emissions would indicate that the structure should be monitored carefully, while a high level of acoustic
emission could indicate that the structure was unsafe. But this is hardly a satisfactory approach, since it
does not provide any help with quantitative analysis. In any event, even the sophisticated (and expensive)
equipment now available still provides uncertain results when applied to structures, because of our lack
of knowledge about the characteristics of acoustic emissions due to different causes, and because of the
possibility of extraneous noise (vibration, loading devices, and so on). Another serious drawback is that
acoustic emissions are only generated when the loads on a structure are increased, and this poses
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considerable practical problems. Thus, one must still conclude, with regret, that “acoustic emission
analysis has not yet been well developed as a technique for the evaluation of phenomena taking place in
concrete in structures.”18
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