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Preface

The 6th Conference on Numerical Methods in Geotechnical Engineering held in Graz, Austria, from September 6
to 8, 2006, is a continuation of a series of conferences organized by the European Regional Technical Committee
ERTC7 (Numerical Methods in Geotechnical Engineering) under the auspices of the International Society for Soil
Mechanics and Geotechnical Engineering (ISSMGE). Previous meetings were held in Stuttgart, Germany (1986),
Santander, Spain (1990), Manchester, UK (1994), Udine, Italy (1998) and Paris, France (2002).

The meeting has been intended to provide a forum for exchange of ideas and discussion on important issues
related to numerical analysis in geotechnical engineering. Special emphasis has been given to presentations of
young researchers and it was attempted to provide a good balance between scientists and practitioners. The results
of a benchmark exercise, namely the ULS-design of an embedded wall, are also presented at the conference.

A novel feature of this conference is the participation of the Technical Committee “Ground Improvement”
(TC17) of the ISSMGE in form of organizing a special session on ‘“Numerical Modelling in Ground
Improvement” which provides a state-of-the-art coverage of this increasingly important topic.

The proceedings contain 125 papers, 16 of which belong to the special TC17 session. The remaining 109
papers have been organized in 12 sessions:

. Constitutive modelling and numerical implementation
. Dynamic problems

. Discontinuum modelling

. Tunnels and caverns

Deep excavations and retaining walls
Embankments

. Slopes and cuts

. Shallow foundations

. Piles

10. Reliability and probability analysis
11. Artificial intelligence

12. Miscellaneous

N I N N N

I would like to thank all national representatives of ERTC7 for promoting the conference in their respective home
countries and for reviewing papers. In particular I would like to thank the chairman of ERTC7, Cesar Sagaseta,
for his support in the organization of this conference and for keeping the activities of the Technical Committee
alive. Thanks also go to Isam Shahrour for taking care of the special session on ground improvement.

I wish to thank all authors for their efforts in preparing papers and highly appreciate their participation in the
conference.

I am grateful to the members of the Institute for Soil Mechanics and Foundation Engineering at the Graz
University of Technology who helped in getting the organizational details done. Special thanks however go to
Florian Scharinger who cared for everything. Without him it would have been difficult to run this conference.

Helmut F. Schweiger
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Results from the ERTC7 benchmark exercise

H.F. Schweiger

Computational Geotechnics Group, Institute for Soil Mechanics and Foundation Engineering,

Graz University of Technology, Graz, Austria

ABSTRACT: A benchmark example addressing ultimate limit state (ULS) design of an embedded retaining
wall has been specified by the ERTC7 on the occasion of the 6th European Conference on Numerical Methods
in Geotechnical Engineering. The main goal of the exercise was to highlight possibilities and limitations of
numerical methods for ULS design with particular reference to Eurocode7 (EC7), where three design approaches
(DA1, DA2 and DA3) have been specified. These design approaches differ in the way partial factors of safety are
introduced in the analysis. However, the exercise was not restricted to the use of EC7 and thus a wide spectrum
of results, which are summarized in this paper, could be expected. Some of the 13 submissions did not actually
present design values as requested but provided parametric studies showing the influence of various design
assumptions or did an analysis using characteristic values, some introduced factors without given explicit reference

to a particular code or standard.

1 INTRODUCTION

Numerical methods have gained increasing impor-
tance in the geotechnical profession and are widely
used for solving problems in practical engineering.
Traditionally the main emphasis of numerical analy-
sis has been on calculating displacements and stresses
in the ground and internal forces in structural ele-
ments. However, more recently numerical methods
are also employed to assess the ultimate limit state of
a geotechnical structure. Although in principle possi-
ble there are a number of issues which have to be
considered when performing an ULS-analysis with
numerical methods such as the finite element method
or the finite difference method. For example type of
element used and discretisation are more important
than in serviceability analysis (SLS) and of course the
question arises how to introduce partial or global fac-
tors of safety in correspondence with existing codes
of practice and relevant standards, the requirements
of which have to be fulfilled in an approved design.
The latter is of particular importance in Europe
when the EC7, which introduces the concept of par-
tial factors of safety, will come into operation in the
near future. In EC7 various design approaches have
been identified. They differ in the way the partial fac-
tors of safety are applied to soil strength, resistance
and different types of loads (actions). It seems that,
although numerical methods are mentioned in EC7 as

Copyright © 2006 Taylor & Francis Group plc, London, UK

a possible design tool, not all of the design approaches
can be applied in a straightforward way within the
framework of numerical modelling for all types of
problems. Up to now the problem is not extensively
discussed in the literature, exceptions are e.g. Bauduin,
de Vos & Simpson (2000), Simpson (2000), Bauduin,
de Vos & Frank (2003) and Schweiger (2005).

In addition to the problem of appropriate considera-
tion of safety factors a number of modelling assump-
tions have to be made for a numerical analysis. Most of
them are not explicitly specified in codes of practice
or are based on experience made with limit equilib-
rium calculations which are not necessarily applica-
ble in the same manner in a finite element analysis.
A good example for this is wall friction, which is well
defined in limit equilibrium analysis but the numerical
results may be significantly influenced by the element
type a particular code uses for modelling interfaces.
Thus many modelling details are left to the user and
therefore results obtained for the same problems may
differ significantly depending on individual experience.
This has been demonstrated in a number of benchmark
exercises (see e.g. Schweiger 1998 and 2000). In this
paper, first the design approaches as defined in EC7
will be briefly recalled. Then the results submitted for
the benchmark problem will be discussed and finally
additional analyses, addressing in particular the issue
of determination of the required embedment depth by
means of finite element analysis, are presented.



2 EC7 DESIGN APPROACHES

Eurocode7 allows for three different design approaches
DA1, DA2 and DA3 which differ in the application of
the partial factors of safety on actions, soil properties
and resistances. EC7 states:

“It is to be verified that a limit state of rupture or
excessive deformation will not occur with the sets
of partial factors”.

The factors are given in Tables 1 and 2 for all three
approaches. It is noted that 2 separate analyses are
required for design approach 1. The problem which
arises for numerical analyses is also immediately
apparent because DA1/1 and DA2 require permanent
unfavourable actions to be factored by a partial factor
of safety, e.g. the earth pressure acting on retaining
structures. This is not possible in a numerical analysis
because the earth pressure is result and not input.
However, there is a way around it because EC7 also
states that instead of applying a partial factor on the
action itself it may be applied to the “effects of the
action”, e.g. the bending moment in a retaining wall.

3 SPECIFICATION OF ERTC7 BENCHMARK

The benchmark is a deep excavation problem sup-
ported by a single strut. The geometry is depicted in
Figure 1. The significant difference to examples previ-
ously examined by various working groups around
Europe (Orr 2005) is that it was the intention here
to solve this problem, including determination of
the required embedment depth (1), by means of numeri-
cal methods, although a check by simple limit equilib-
rium calculations was certainly recommended. As the

Table 1. Partial factors for actions according to EC7.
Design approach Permanent unfavourable Variable
DAI1/1 1.35 1.50
DA1/2 1.00 1.30
DA2 1.35 1.50
DA3-Geot. 1.00 1.30
DA3-Struct. 1.35 1.50
Table 2. Partial factors for soil properties and passive
resistance according to EC7.

Passive
Design approach tang’ ¢ Cy resistance
DA1/1 1.00 1.00 1.00 1.00
DA1/2 1.25 1.25 1.40 1.00
DA2 1.00 1.00 1.00 1.40
DA3-Geot. 1.25 1.25 1.40 1.00

empbhasis is on the ULS design and not on the service-
ability limit state (SLS) only parameters required for
simple elastic-perfectly plastic analysis have been pro-
vided (Table 3). These parameters have to be consid-
ered as characteristic values and not design values.

The following construction steps should be mod-
elled in the numerical analysis:

— initial phase (K, = 0.5)

— activation of diaphragm wall (wished-in-place)

— activation of surcharge loads

— excavation step 1 to level —2.0m

— activation of strut at level —1.50m, excavation
step 2 to level —4.0m

— groundwater lowering
level —6.0m

— excavation step 3 to level —6.0m.

inside excavation to

The surcharge of 10kPa is a permanent load, the sur-

charge of 50kPa is a variable load. Bedrock was

assumed at a depth of 20 m below ground surface. The

axial stiffness of the strut was setto EA = 1.5E6 kN/m.
Results to be provided:

— Embedment depth of wall
— Design bending moment for the wall
— Design strut force.

On purpose it was not specified how the water draw-
down inside the excavation should be taken into
account because different codes and standards would
allow different assumptions. The same argument
holds for wall friction because individual national
standards would have different requirements. The

6.00m 3.00m 6.00m
[TTTT
50 kPa
10 kPa l 11 10 kPa
von IXXXXXXX] (XXX} [XXXXX}

strut strut =-1.50 m
excavation step 1=-2.00 m v
4

excavation sep 2 = 4.00m ‘water table = -4.00 m
v

groundwater
lowering
“400>-600m] [ excavation siep 3= 500 m

diaphragm wall, d=0.8m

base of diaphragm wall =2

Figure 1. Geometry of benchmark example.
Table 3. Material properties for soil and wall.
E v ¢’ ¢’ v
kKN/m?) (- ©) (kN/m?) (kKN/m?)
Soil 30 000 0.3 275 10 20/19
Wall  3.0E7 0.18 - - 24
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choice of the dilatancy angle, rarely given in a con-
ventional geotechnical report, is also left to the user
in most cases and was therefore not given.

4 SUBMITTED RESULTS

4.1 Notes on individual submissions

13 results have been submitted, but as mentioned pre-
viously not all of them have provided the results in the
form as specified. Because all entries are considered
in the comparison presented in this paper a very brief
summary of individual assumptions — as far as
described by the authors — is given in the following.
This should help explaining — at least to some extent —
the differences observed in the results.

No.1: gives no information at all on analysis.

No.2: provides results for EC7 design approaches DA2
and DA3, uses different wall friction on active and
passive side (2/3¢ and 1/3¢). Partial factor of 1.4
on soil weight on active side (does not conform to
EC7 > possibly national annex (Italy)).

No.3: does not apply any safety factors, wall friction
0.9¢.

No.4: provides finite element and limit equilibrium
results, global safety factor applied, stiffness of strut/
per unit length of excavation obviously different
from specification, wall friction 0.8¢.

No.5: compares finite element and beam spring results,
loads, soil weight and strength parameters factored
(similar to DA3) but with different factors than in
EC7, cohesion and friction angle have different par-
tial factors, wall friction 0.3¢, refers to Russian code
of practice.

No.6: applies Dutch CUR-method, which has some
similarity with design approaches in EC7 but with
different partial factors, wall friction 2/3¢.

No.7: load factors on service loads according to British
(1.4) or Australian standards (1.5), partial factor on
soil strength of 1.2, provides additional results with
subgrade reaction method, wall friction 2/3¢.

No.8: provides finite difference and subgrade reaction
analyses under various assumptions (e.g. undrained
conditions), wall friction 2/3¢ and 1/3¢, does not
explicitly provide design results, no safety factor
given or applied to actions or parameters.

No.9: a second submission applying the Dutch CUR-
method, wall friction 2/3¢.

No.10: compares EC7 design approaches DA2 and
DA3 with partial factors according to EC7 and EAB
(German recommendation for deep excavations)
respectively, wall friction 0.5¢, assumes stiffness
increasing with depth.

No.11: does not apply a particular code but determines
embedment from finite element analysis employing
the strength reduction technique on the basis of a
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global factor of safety of 1.5, design bending
moment obtained from calculated value at final exca-
vation step multiplied by 1.5, wall friction 0.5¢.

No.12: does not apply a particular code but determines
embedment from finite element analysis employing
the strength reduction technique on the basis of a
global factor of safety of 2.0, wall friction 2/3¢,
Drucker-Prager failure criterion for soil.

No.13: assumes in an alternative calculation capillary
cohesion above groundwater level (determined from
seepage analysis), design approach DA3 according
to EC7 and analysis with characteristic soil param-
eters, wall friction 2/3¢.

The lowering of the groundwater table was taken
into account by means of phreatic levels by No.3, 5, 9,
10 and No.6, 7, 11 performed an additional interpola-
tion in order to achieve continuous pore pressures at
the base of the wall. No.4, 8, 12 and 13 performed a
seepage analysis.

4.2  Results

Figure 2 shows the variation in embedment depth
of all entries. As indicated in the previous section
some submissions provided more than one solution
(depending on assumptions made) and this is why
there is more than one result plotted in these cases. It
follows that the minimum embedment depth is 1.8 m
and the maximum 5.5m, but there is a tendency
towards an embedment depth between 3.0 and 4.0 m.

The maximum embedment depth of No.4 (5.5m) is
obtained by conventional analysis applying a global fac-
tor of safety m = 1.5. The same embedment depth has
been used in the numerical analysis. No.3 indicated a
factor of safety of 1.76, No.2 factored the soil weight
and No.12 obtained a factor of safety from strength
reduction technique of 2.0. Thus these higher embed-
ment depths can be explained by higher safety levels as
compared to the other submissions. At the lower end
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Figure 2. Embedment length — all entries.



(embedment depths around 2 m) it is found that these
results are obtained from numerical analyses, either by
means of a strength reduction technique or by factoring
soil strength parameters. However, No.7 employed a
factor of safety of = 1.2 which is lower than in EC7.
No.13 indicated that the low depth is possible only by
modelling the groundwater lowering by means of a
2-phase flow formulation resulting in suction effects
above groundwater. From comments provided it can be
concluded these two authors would not have designed
a wall for a real project with this low embedment depth.

Only 3 authors explicitly used EC7 for their analysis
(DA2 and DA3), 3 authors used an approach similar
to EC7 but with different partial factors of safety. It is
somewhat encouraging to see that except for No.2
(where the soil weight was factored) the embedment
depth is between 3.0 and 4.0 m despite differences in
assumptions of partial factors and wall friction. No.10
investigated the difference between DA2 and DA3
and obtained a slightly shorter wall with DA3.

Figure 3 shows bending moments and there we
find a difference of approx. 300% but this includes

300 - n
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50 1
0 L1
345 6 7 8 9 10 111213

12
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Bending moments — all entries.
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Figure 4.  Strut forces — all entries.
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values which are obviously not ULS-design values.
This is however not surprising considering the different
assumptions made in the various analyses. If we con-
sider again the EC7 and related approaches (i.e. No. 5,
6,9, 10 and 13) we see a range from 201 to 278 kNm/m
for DA3. DA2 results in approximately 20% higher
bending moments. If we multiply obvious SLS-bending
moments by a partial factor of 1.35 we find that results
also fall in this range.

A similar picture is obtained for strut forces (Figure
4). Considering all solutions submitted the range is from
60 to 363kN/m (including values representing SLS)
and in this case also the EC7 and related approaches
show a significant difference with the minimum being
194 and the maximum force being 363 kN/m.

5 ADDITIONAL ANALYSES

5.1 Geometry and assumptions

In this section some additional results from analyses
performed in order to elaborate on the differences
observed in the benchmark exercise as well as on the
EC7 design approaches are presented. The finite code
Plaxis (Brinkgreve 2002) is used and the finite element
mesh, consisting of 15-noded triangles, follows from
Figure 5. The fine mesh was chosen in order to mini-
mize the discretisation error when calculating the fac-
tor of safety by means of the strength reduction
technique. The diaphragm wall is modelled by contin-
uum elements and a soft beam has been added in the
centreline for easy evaluation of bending moments.
Wall friction has been assumed as 2/3¢ and the dila-
tancy angle ¢ is 0. The groundwater lowering inside
the excavation has been modelled by creating a phreatic
surface just underneath the excavation and by inter-
polating the water pressure down to the bottom of the

Figure 5. Finite element mesh (15-noded triangles).



wall so that there is no discontinuity of pore water
pressure at the base of the wall.

Two EC7 design approaches have been investigated,
namely DA2 and DA3. DA3 is straightforward because
soil strength is factored by the partial factor given in
Table 2 and the surface loads by the partial factors given
in Table 1. For DA2 it is slightly more complicated
because the earth pressure (permanent unfavourable
load) cannot be factored and therefore the partial fac-
tors of safety are applied on the “effects of the action”,
namely the resulting bending moment, strut force and
passive earth pressure. An additional slight inconven-
ience arises due to the fact that different partial fac-
tors have to be applied on permanent and variable
loads. This has been taken into account by multiply-
ing the permanent surface load by 1.11 (1.5/1.35).

5.2 Results

In order to determine the embedment depth analyses
were performed with different wall lengths. Starting
with an embedment depth of 5m the wall was short-
ened in 0.5 m intervals and for each wall length a new
analysis was performed. Horizontal displacements of
the base of the wall, bending moments, strut forces
and the factor of safety, obtained by means of a strength
reduction technique, were evaluated. Figure 6 shows
the increase of horizontal deformation of the base of
the wall when decreasing the length of the wall for
DA2, DA3 and for an analysis with characteristic
parameters. The characteristic analysis and DA2 is
almost the same because the only difference is the
factor of 1.11 for the variable load in DA2. Numerical
convergence could not be achieved for an embedment
depth of 1.5m for DA2 and characteristic parameters
and a depth of 3.0 m for DA3 respectively.

Figure 7 plots the safety factor obtained from a
strength reduction technique, again for different embed-
ment depths. Again values for DA2 and characteristic
parameters do not vary much and values for DA3 are

no convergence—
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Figure 6. Horizontal wall displacement vs embedment depth.
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much smaller because the soil strength is already fac-
tored at the beginning of the analysis. Figure 7 fea-
tures an additional line, namely the value obtained for
DAZ2 divided by the partial factor which has been put
on the strength parameters in DA3. They compare
well for embedment depths between 3.5 and 4.5 m but
for factors around or below 1 they differ. To some
extent this can be attributed to details of the iteration
procedure and convergence settings which become
more sensitive for states at or very near to failure. No
attempt has been made to achieve a closer matching
by tightening tolerance factors because this was not
the main goal of this investigation.

Figure 8 plots bending moments vs embedment
depths. It is interesting to see that the design bending
moment of DA2 (which is the result of the DA2 analy-
sis multiplied by the partial factor of 1.35) coincides
with DA3 for an embedment depth of 4 m but is sig-
nificantly different for 3.5 and 4.5 m. The same holds
for the strut forces (Figure 9), with DA3 resulting in
higher strut forces than DA2 where the resulting force
is factored.
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Figure 7.  Factor of safety vs embedment depth.
400.0
35001 | _e— characteristic
= —s— DA2
é 30001 | —g— DA3
Z —o— DA2*1.35
= 250.04
z
2 200.0
=}
£
@ 150.0
=
£
g 100.01
50.01
0.0

00 05 10 15 20 25 30 35 40 45 50
Embedment depth [m]

Figure 8. Bending moments vs embedment depth.
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Table 4. Check of passive resistance depending on embed-
ment depth (DA2).

Embedment depth Epassive design calc./Epassive design allow.
45 1.18
4.0 1.12
3.5 1.06
3.0 1.01
25 0.99
2.0 0.98

When applying DA2 an additional check has to be
made with respect to the passive resistance for which
a partial factor of 1.4 (see Table 2) has to be applied.
One way of checking this is to compare the passive
earth pressure obtained from the finite element analy-
sis (multiplied by the partial factor of 1.35), denoted
Epassive design cale. 1n Table 4 to the maximum theoretical
passive pressure divided by 1.4 (Eassiv design allow)-
This corresponds roughly to consider a mobilisation
of 50% of the passive resistance which is sometimes
assumed in practical design. Of course different theo-
retical solutions can be used to obtain the maximum
passive resistance but here Coulomb’s solution is
employed for simplicity.

From Table 4 follows that the required embedment
depth is around 3.0 m for DA2, which is less than for
DA3 where a minimum embedment depth of approx-
imately 3.5m is required for a factor of safety >1.0
(Figure 7). However this result is considered to be
quite acceptable given the various modelling assump-
tions involved in the two approaches. It is worth men-
tioning though that submission No.10 obtained
slightly higher embedment depths with DA2 but this
could be due to the fact that No.10 used a lower wall
friction which might have a more pronounced influ-
ence in DA2 than in DA3.

Copyright © 2006 Taylor & Francis Group plc, London, UK

6 CONCLUSION

The results from a benchmark exercise addressing the
design of a diaphragm wall for a deep excavation
problem have been presented. Unfortunately not all of
the submissions provided their results in form of
design values but discussed the influence of various
modelling assumptions without a clear statement on
what they would use for design.

However the results gave some valuable insight
into the way design calculations are performed in dif-
ferent countries applying their respective codes of
practice and standards and the differences in results
are not surprising and not larger than in similar exer-
cises which have been performed using conventional
limit equilibrium analysis (Orr 2005). It can be con-
sidered encouraging that the calculated embedment
depth based on numerical analysis applying EC7
design approaches are within reasonable limits.
Differences in bending moments and strut forces are
less encouraging and clearly show the need for rec-
ommendations of good practice in numerical model-
ling in geotechnical engineering.

Finally some additional studies have been presented
comparing DA2 and DA3 in more detail.

REFERENCES

Bauduin, C., de Vos, M. & Simpson, B. 2000. Some consid-
erations on the use of finite element methods in ultimate
limit state design. Proc. Int. Workshop on Limit State
Design in Geotechnical Engineering, Melbourne.

Bauduin, C., de Vos, M. & Frank, R. 2003. ULS and SLS
design of embedded walls according to Eurocode 7. Proc.
XIII ECSMGE, Prague (Czech Republic), Vol. 2, 41-46.

Brinkgreve, R.B.J. 2002. Plaxis, Finite element code for soil
and rock analyses, users manual. Rotterdam: Balkema.

Orr, T.L.L. 2005. Review of workshop on the evaluation of
Eurocode 7. Proc. Int. Workshop on the Evaluation of
Eurocode 7, Dublin, 31.3.—1.4.2005, 1-10.

Schweiger, H.F. 2005. Application of FEM to ULS design
(Eurocodes) in surface and near surface geotechnical struc-
tures. Proc. 11th Int. Conference of IACMAG, Turin, Italy,
19-24 June 2005. Bologna: Patron Editore. 419—430.

Schweiger, H.E. 1998. Results from two geotechnical bench-
mark problems. Proc. 4th European Conf. Numerical
Methods in Geotechnical Engineering, Cividini, A. (ed.),
Springer, 645-654.

Schweiger, H.F. 2002. Results from numerical benchmark
exercises in geotechnics. Proc. 5th European Conf. Numer-
ical Methods in Geotechnical Engineering, Mestat, P.
(ed.) Presses Ponts et chaussees, Paris, 2002, 305-314.

Simpson, B. 2000. Partial factors: where to apply them? Proc.
Int. Workshop on Limit State Design in Geotechnical
Engineering, Melbourne, 145—154.



Constitutive modeling and numerical implementation



Numerical Methods in Geotechnical Engineering — Schweiger (ed.)
© 2006 Taylor & Francis Group, London, ISBN 0-415-40822-9

Modeling the behavior of expansive clays

M. Sanchez
University of Strathclyde, Glasgow, UK

A. Gens & S. Olivella

Geotechnical Engineering Department, Technical University of Catalunya, Barcelona, Spain

L. do N. Guimaraes
Federal University of Pernambuco, Recife, Brazil

ABSTRACT: The behavior of expansive clay is potentially very complex owing to the interaction between the
volume change of aggregates made up of a highly expansive clay mineral (microstructural level) and the
rearrangement of the granular-like skeleton formed by the aggregates (macrostructural level). A model that con-
siders explicitly the two structural levels present in expansive clays is presented in this work. The inclusion of
the microstructural level allows the consideration of the physico-chemical phenomena occurring at particle
level. To formulate the model a framework for multidissipative materials has been adopted. A classical elasto-
plastic model (for the macrostructure), is combined with a generalized plasticity model that takes into account
the interaction between the macrostructural and the microstructural level. The model has been formulated in the
space of stresses, temperature and suction. Finally, the model has been applied to explain an actual case involv-
ing high suction and temperature changes.

1 INTRODUCTION The swelling behavior of unsaturated expansive
clays has often been reproduced through relatively
The study of expansive soils has been a subject of  simple and empirical laws, which relate the material
increasing interest in the last few years. A major aspect ~ response to suction changes and applied stresses. The
is the possible use of those materials as engineered bar- ~ weakness of this kind of ad-hoc laws is that it can be
riers and seals in radioactive waste repositories (i.e.  generally used only for the stress paths and conditions
FEBEX Report, 2000; Sanchez & Gens, 2005). Many ~ from which they are derived. However, the general
disposal concepts consider the barrier made up from  approach proposed by Gens & Alonso (1992) attempts
highly expansive compacted clay, in an initially unsat-  to integrate the main aspects of behavior in a unified
urated state. During its lifetime the barrier willundergo ~ framework. In that work, particular attention is placed
processes of heating (induced by the heat-emitting  on the clay fabric and how it can be integrated in the
waste) and hydration (due to the water coming from  constitutive modeling. The fabric of expansive clays
the host rock, which is generally in a saturated state). ~ has been actively studied (i.e. Pusch, 1982; Romero,
This scenario has led to a growing interest in the  1999; Lloret et al., 2003) observing a marked double
knowledge of the behavior of unsaturated expansive  structure. A clear bimodal pore distribution, with two
soils under a wide range of testing conditions; in par- ~ dominant pore sizes, has been observed using mer-
ticular the THM behavior has received special atten-  cury intrusion porosimeter tests.
tion (i.e. Romero, 1999; Lloret et al., 2003). However, The double structure model introduced in this work
the interest on these materials is not limited to nuclear  is based on the general framework proposed by Gens &
waste disposal applications, but they are present in ~ Alonso (1992). A series of modifications and devel-
other engineering problems such as shallow and deep ~ opments have been performed in order to enhance the
foundations, slopes with stability problems, desicca-  constitutive law and also to formulate the model in a
tion and formation of fissures in soils in arid regions,  more suitable form for its implementation in a finite
and clay based liners for waste isolation from the element code. One of the aims is to provide a more
environment. general mathematical framework in order to achieve a
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more general interpretation of the phenomena that
take place in expansive clays when they are subjected
to complex THM paths. With this objective, concepts
of generalized plasticity theory have been included in
the formulation of the model. The governing small
strain-stress equations have been derived in the frame-
work introduced by Rizzi et al. (1996), which provides
a consistent and formal mathematical structure when
there are several sources of energy dissipation.

2 DOUBLE STRUCTURE MODEL

Expansive clays generally present a clear double struc-
ture, made up from clay aggregates and large
macrostructural pores (i.e. Pusch, 1982). As an exam-
ple, the mercury intrusion porosimetry tests preformed
to examine the pore size distribution of the statically
compacted samples of FEBEX bentonite are presented
in Figure 1. This figure shows the measured incremen-
tal pore volume for two samples compacted to very
different values of dry density (p,), 1.5Mg/m® and
1.8 Mg/m>. It can be observed that the pore size dis-
tribution is clearly bi-modal. The dominant values are
10 nm that would correspond to the pores inside clay
aggregates and a larger pore size that depends on the
compaction dry density and ranges from 10 wm (for
ps = 1.8Mg/m®) and 40 um (for p,; = 1.5Mg/m’).
These larger voids would correspond to the inter-
aggregate pores. The boundary between the two pore
size families can be seen to be around 0.13 m, as pores
smaller than this size do not appear to be affected by
the magnitude of the compaction load. The pore space
inside the aggregates was constituted by voids of a
much smaller size. These two dominant pores size
could be associated with two basic structural levels
(Figure 1):

The macrostructure, related to the global arrange-
ments of clay aggregates (the skeleton of the mate-
rial), with macropores between them.
The microstructure, which corresponds to the
active clay minerals and their vicinity.

Only these two basic structural levels identified
above are considered herein. The approach is open
enough and it could be extended to include more
structural levels in the analysis, if it deemed relevant.

The soil fabric plays a crucial role to understand
and to reproduce the behavior of expansive clays. In this
model, the inclusion of the clay fabric in the analysis
is considered in the definition of laws for: (1) the
macrostructural level, (2) the microstructural level, and
(3) for the interaction between both structural levels.

2.1 Macrostructural model

The inclusion of this structural level in the analysis
allows the consideration of phenomena that affect the
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Figure 1. Distributions of incremental pore volume

obtained using MIP technique (Lloret et al., 2003) and
schematic representation of the two structural levels considers.

skeleton of the material, for instance deformations
due to loading and collapse. The BBM (Barcelona Basic
Model) has been adopted to describe the macrostruc-
tural behavior (Alonso et al., 1990). The BBM considers
two independent stress variables to model the unsatu-
rated behavior: the net stress (o) computed as the
excess of the total stresses over the gas pressure, and
the matric suction (s), computed as the difference
between gas pressure and liquid pressure (p; — p)).
Figure 2z shows the BBM yield surface (Fjc),
defined as:

2(0)

g(—30°)} M (p+2)(p, = 2)=0(1)

E.(. =3]2 _|:

where M is the slope of the critical state, p, is the
apparent unsaturated isotropic pre-consolidation
pressure, g(0) is a function of the lode angle and p,
considers the dependence of shear stress on suction
and temperature. A basic point of the model is that the
size of the yield surface increases with matric suction.
The trace of the yield function on the isotropic p-s
plane is called LC (Loading-Collapse) yield curve,
because it represents the locus of activation of irre-
versible deformations due to loading increments or
collapse. The position of the LC curve is given by the
pre-consolidation yield stress of the saturated state, py
(hardening variable), according to:

e (1+e)
B0 o)

O
where e is the void index, £7is the volumetric plastic
strain, « is the elastic compression index for changes
in p and A (g is the stiffness parameter for changes in
p for virgin states of the soil in saturated conditions.
Finally, it is considered that temperature increases
reduce the size of the yield surface and the strength of
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Figure 2. (a) BBM yield surface. (b) Microstructural load

directions on the p-s plane.

the material (Gens, 1995). Appendix contains the
main model equations.

2.2 Microstructural model

The microstructure is the seat of the basic physical-
chemical phenomena occurring at clay particle level.
The strains arising from microstructural phenomena
are considered elastic and volumetric (Gens &
Alonso, 1992). The increment of microstructural strains
is expressed as:

©)

where p (=p + xs) is the microstructural effective
stress, the subscript 1 refers to the microstructural
level, the subscript v refers to the volumetric compo-
nent of the strains and K is the microstructural bulk
modulus.

It is assumed that the total suction is equal to the
matric suction (s). x is a constant. The Neutral Line
(NL) (Figure 2b) corresponds to constant p and no
microstructural deformation occurs when the stress
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path moves on the NL (Figure 2b). The NL divides the
p-s plane into two parts, defining two main general-
ized stress paths, which are identified as: MC
(microstructural contraction) and MS (microstructural
swelling).

2.3 Interaction between macro and micro
structure

In expansive soils there are other mechanisms in addi-
tion to the ones included in the BBM which induce
plastic strains. This irreversible behavior is ascribed
to the interaction between the macro and micro struc-
tures (Gens & Alonso, 1992). It is assumed that the
microstructural mechanical behavior is not affected
by the macrostructure but the opposite is not true. An
assumption of model is that the irreversible deforma-
tions of the macrostructure are proportional to the
microstructural strains according to interaction func-
tions f. The plastic macrostructural strains are evalu-
ated by the following expression:

»o_ .
€, € + ng

“)

where &, . is the plastic strains induced by the yield-
ing of the macrostructure (BBM).

In fact the coupling is given by pg, hardening vari-
able of the macrostructure (Figure 2a), which depends
on the total plastic volumetric strain (2). In this way is
considered that microstructural effects can affect the
global arrangements of aggregates. More details can
be found in Sanchez et al. (2005).

The following section presents the stress-strain rela-
tions used to implement the model in the finite element
program CODE_BRIGHT (Olivella et al., 1996).

3 ELASTO-PLASTIC STRESS-STRAIN
RELATIONS

The behavior of the soil described by the double
structure model can be regarded as the consequence
of joint action of several mechanisms that can act
simultaneously. A procedure similar to the proposed
in Sanchez et al. (2005) has been followed hereafter.
That is, the first step is the assumption of an additive
decomposition of the strains into elastic and plastic
components, indicated as follows:

i=na o

Q¢!
!

n=1

e=¢+

®)

where na is the number of active plastic mechanisms
that correspond to one subset of the total plastic
possible mechanisms. The model has three inelastic



mechanisms: /c, due to yield of the BBM, and mc or
ms when one of the two interaction mechanisms is
active (two is the maximum number of simultaneous
active plastic mechanisms, i.e. Ic plus mc or ms).

In classical plasticity theory, it is assumed that the
material behaves either as an elastic or a plastic solid.
The yield surface defines the transition from elastic-
ity to plasticity, stress states inside the yield surface
are considered as elastic (F' < 0). In generalized plas-
ticity theory the state of the material is determined
from the control variables: generalized stresses, strains
and a finite number of internal variables. A process of
loading is defined as elastic if the set of internal vari-
ables remains unchanged (Lubliner & Auricchio,
1996).

In the case of an elastic loading, the stress incre-
ment is related to the increment of strains, suction and
temperature by the following relation:

c=D,-&+a, s+ta, T

(6)

where D, is the global elastic matrix which considers
the elastic component of the two structural levels. a7
and ay are the elastic vectors associated to tempera-
ture and suction respectively (Sanchez, 2004).

When a loading process is inelastic, the plastic
strain rates are assumed to be governed by a flow rule.
For the macrostructural model, the strain increment
can be expressed as:

. . 8G .
8i(? = Z’L(,’ E =4

LC m

(N

Lc

where A, ¢ is the plastic multiplier associated to the /c
plastic mechanism, G is the plastic potential and m; -
is the flow rule direction. However, when the plastic
mechanism related to the interaction between both
structural levels is active, the plastic strain increment
related to the stress increment can be expressed as:

g, =Asm (8)

B

where A p is the plastic multiplier associated to the 8
plastic mechanism, and my is the flow rule direction.

The material behavior is described by elasto-
plastic mechanisms that can be activated during the
loading process. The set of active plastic mechanisms
is not known in advance. Therefore it is necessary to
use an iterative procedure to find them (i.e. Simo &
Hughes, 1988; Carol & Prat, 1999). A possibility is to
assume that all the plastic mechanisms are initially
active. Herein, it is assumed that both plastic mecha-
nisms are initially active, that is: lc and B (i.e. mc or
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ms). The system of equation for two active mecha-
nisms is given by:

/-11,(. ﬁl.(f +’.7“/i Z/f = ;l_c +‘;L(, + ;:,(7
e e ©))

:6’/}+Jﬂ+lﬁ

j“r,(: bl.(,‘ +]’/2 'H/J
where )-ch and "\B are the unknowns. Hy ¢, hg, by and
Hg are moduli related to the /c and B plastic mecha-
nisms, while é;¢, S¢, f1c, €, g and g are variables
linked to the increment of strains, suction and tem-
perature. More details can be found in Sanchez (2004).
System (9) can be expressed in a compact form, as:

HA=ets+t (10)

The solution of the system (9) requires the inver-
sion of the H matrix, which would be a P-matrix
(Rizzi et al., 1996; Sanchez et al., 2005). In this case,
the unknowns are obtained as follows:

|

The choice of the plastic mechanisms assumed ini-
tially active should be verified by checking that they
are actually active (Carol & Prat, 1999). If one of
them is not active, the problem becomes a single dis-
sipative model. Finally, the net stress increment can
be expressed as:

ﬂ::ﬁ_l.(e+s+t (11)

na_ e

Zs:]

n=1

&:D(,-(é—éj,—g;._ (12)

where &% and &% are the elastic strain increments
due to suction and temperature changes. After some
algebra (Sanchez, 2004) the following general form
is obtained:

T (13)

=D, -et+y,5+7,

where Dy, is the global elasto-plastic matrix, vz, and
v, are the elasto-plastic vectors associated to temper-
ature and suction, respectively. In Sanchez (2004) the
expressions of these matrices are presented in detail.

4 APPLICATION CASE

The application case focuses on the analysis of an
accidental overheating that took place in the mockup
test of the FEBEX project (FEBEX Report, 2000).
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Table 1. Main loading stages considered in the analysis
(average records).

Stage s (MPa) T(°C)
0 Initial conditions 110 90
1 Vapor front passage 55 135
2 Maximum drying 165 200
3 Cooling down 155 45
4 Re-establishment of initial conditions 110 90

4.0 1

Radial stress (MPa)

3.0 1

2.0 A

(a) 1.0 - . . . - :
40 40 120 200 280 360 440

Time (hours)

. P/py .

160 -
=120
&
S
=1
.2
2
»n 80 1
(©) 40 ' '
6.4 6.6 6.8 7.0
Po* (MPa)
Figure 3. (a) Computed values of radial stress. (b) Evolution

of the stress state on the interaction functions. (c) Evolution of
the hardening parameter.

The main objective of this experiment is the valida-
tion of the numerical codes developed for the analysis
of clay barriers. The phase of heating and hydration of
the test (operational stage) has started in February 1997
and is ongoing nowadays. During this stage the barrier
has been hydrated uniformly from all around the cylin-
der and, simultaneously, the barrier has been heated
maintaining a constant temperature of 100°C at the con-
tact between heaters and clay barrier. Comprehensive
THM numerical analyses of the FEBEX tests have
been performed (Sanchez & Gens, 2005).

On day 1391 of the experiment an accidental over-
heating occurred. Points close to the heater reached
temperatures in excess of 200°C. Afterwards the heaters
were switched off and (four days after) the prescribed
thermal conditions of the test were re-established (i.e.
a constant temperature of 100°C at the contact
between heaters and clay). The aim of this section is
to explain and reproduce the main features of the
mechanical behavior observed during the overheat-
ing. In this respect, the more relevant aspect was the
unexpected mechanical behavior of the FEBEX ben-
tonite. As an illustration, Figure 3 presents (with sym-
bols) the evolution of radial stress in two representative
sections of the barrier (time cero corresponds to: 13:00
hrs. 11-26-2000). Just after overheating, there was a
moderate increase of radial stress followed by a
strong reduction down to around 2 MPa. The radial
stress recovered somewhat subsequently but it remained
very far from the initial values. So, there was a large
irreversible net reduction of radial stress.

To check whether the mechanical model (intro-
duced below) is consistent with the observations of
irreversible phenomena observed during the overheat-
ing a synthetic generalized stress path was applied to
the constitutive law, corresponding to the four major
episodes observed during the overheating, indicated
as follows: a wetting due to the passage of a vapor front,
an intense drying associated with the increase of tem-
perature, a subsequent cooling due to the switching off
of the heaters and, finally, the re-establishment of the
prescribed test conditions.

Table 1 summarizes the four main loading stages
of the overheating episode (Sanchez & Gens, 2005).
Table 2 presents the parameters adopted in this work.



Table 2. Mechanical constitutive law parameters.

Parameters defining the BBM (macrostructure)

K K, /\(0% r
573 173 8~ 9!

Parameters defining microstructural behavior
a,(MPa™1)y=21e¢"2 B, (MPa~!)=23¢" %

Interactions functions
f. =1+ 09tanh (20(p,/py) — 0.25)

{(MPa™1
L.

po (MPa)
6.5

ay(°C7H
1.73

£, = 0.8 — 1.1tanh(20(p,/po) — 0.25)

In Lloret et al. (2003) the validation of mechanical
model is presented.

The following considerations should be pointed out:
(1) only the constitutive law is checked so there are no
time effects due to the transient phenomena occurring
in the barrier, (ii) the information attributed to the con-
stitutive law point corresponds in fact to a zone of the
barrier of finite size, and (iii) the aim is not to repro-
duce the full behavior of the barrier but to check
whether the main features of the observed mechanical
behavior are a natural outcome of the constitutive
model.

Figure 3 also shows the model results when the
loading stages indicated in Table 1 were applied. The
suction and temperature changes were applied under
conditions of no volume change, mimicking the con-
fined state of the test. Zero strain in all directions and
an isotropic stress state was assumed. A reasonable
correspondence between measured and calculated
values of radial pressure is observed in Figure 3a.
Figure 3b depicts the calculated evolution of the
interaction functions and Figure 3¢ shows the evolu-
tion of the hardening parameter. In the first loading
stage the elastic mechanisms associated with suction
reduction and temperature increase tend to increase
the swelling pressure because they are associated
with soil expansion. In this path the interaction func-
tion f; has negative values, which implies a hardening
of the material. Heating continues in the second stage
but now it is associated with a drying of the soil. This
intense drying dominates and causes a tendency to
contract and, consequently, a swelling pressure reduc-
tion occurs. During this stage (mc mechanism active)
the interaction between the two structural levels pro-
duces a densification of the macrostructure. The third
stage is characterized by a reduction of temperature
and a wetting of the material; the latter dominates
causing a tendency to expand and hence an increase
of swelling pressure. At the final stage, the initial
thermal and hydraulic variables are again prescribed,
continuing the wetting of the material and increasing
the temperature. These two factors lead to a tendency
for expansion of the soil and hence an increase of
swelling pressure. During the last two stages the ms
mechanism is active. The interaction between the two
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structures causes an expansion of the macrostructure
and a reduction of p; during the main part or this path.

According to the model, the intense drying affects
strongly the behavior of the bentonite during this
event, inducing changes in the clay structure that are
not recovered when returning to the conditions before
the overheating. The final outcome is that the consti-
tutive model response to this complex THM general-
ized stress path is a significant reduction in swelling
stress, the same behavior as that observed in the heat-
ing test.

Naturally, this analysis does not reproduce exactly
the conditions of the test, as it involves instantaneous
application of the thermal and hydraulic loading with-
out considering the transient phenomena that actually
occurred in the barrier. It is therefore not surprising
that there is a certain time lag between test observa-
tions and constitutive model predictions. In any case,
the main objective of proving the capability of the
model to reproduce irreversible behavior when is sub-
mitted to complex THM loading paths has been
largely achieved. Also a physical explanation has
been suggested to explain the observed bentonite
behavior.

5 CONCLUSIONS

A double structure model, based on the general frame-
work for expansive materials proposed by Gens &
Alonso (1990) has been presented. In order to be
closer to the typical fabric of expansive materials, the
existence of two pores structures has been explicitly
included in the formulation. The distinction between
the macrostructure and microstructure provides the
opportunity to take into account the dominant phe-
nomena that affect the behavior of each structure in a
consistent way. The application case corresponds to
the study of an overheating episode that took place in
a large scale heating test. The performance of the con-
stitutive mechanical model is also good in this prob-
lem. It has been shown that the model is able to
reproduce the major features of the observed mechan-
ical behavior in response to a complex history involv-
ing temperature and suction changes.
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APPENDIX

The dependence of the tensile strength on suction and
temperature is given by:

b=k e™ (A1)
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where k and p are model parameters. The dependence
of py on suction is given by:

(A2)

where p, is a reference stress, «; and a3 are models
parameters, Ay is the compressibility parameter for
changes in net mean stress for virgin states of the soil;
which depends on suction according to:

Ay = Ay L+ (1=r)exp(=¢s )] (A3)

where 7 is a parameter which defines the minimum
soil compressibility. { is a parameter that controls the
rate of decrease of soil compressibility with suction.
The macrostructural bulk modulus (K;) is evaluated
as follows:

g =ra), (Ad)
K

The microstructural bulk modulus (X)) is evaluated
as follows:

e’a’m P

/l m

K, (AS)

where «, and (B, are model parameters. The
macrostructural bulk modulus for changes in suction
(s) is computed considering the following law:

K = (1+e2)(: +pm)
K

5
5

(A6)

where k, is the macrostructural elastic stiffness
parameter for changes in s. The macrostructural bulk
modulus for changes in 7 is computed as follows:

1
(a, +a,AT)

T

K (A7)

where a and 3, are parameters related to the elastic
thermal strain. More details are given in Sanchez
(2004).
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ABSTRACT: This paper describes a material model for undrained behavior of normally consolidated clay,
developed and implemented in the finite element program PLAXIS v. 8.2. The model is based on elastoplastic-
ity for plane strain, undrained, total stress analyses. The main intention with the model is to account for
anisotropy, both in strength and stiffness. The model is conceptually rather simple and only a few input param-
eters are used. These parameters may be obtained directly from conventional laboratory tests. The model is val-
idated against biaxial and direct simple shear tests and applied in a finite element analysis of a supported
excavation in soft clay. The results are compared to simulations with an isotropic soil model and discussed.

1 INTRODUCTION

Classical soil mechanics normally assumes isotropic
soil behavior. Even in the advanced numerical meth-
ods we use today, most of the soil models applied are
isotropic. Still, it is well known that soils often show
anisotropic behavior both in strength and stiffness.
This becomes especially important when modeling
excavations in soft clay, where an anisotropic model
is needed to obtain reliable results for all construction
stages (Athanasiu 1999).

The anisotropic model presented in this paper, is
formulated and implemented for undrained, plane
strain calculations in PLAXIS v. 8.2, www.plaxis.nl.
The total stress adopted approach simplifies soil
behavior, but is found to be adequate in practice for
short term conditions in clays. The authors do, how-
ever, strongly believe that an effective stress based
soil model would be an advantage and work is initi-
ated in this direction. Nevertheless, the present total
stress based anisotropic model may be very useful in
practice and is the subject of this paper.

The variation of undrained shear strength with the
direction of loading was reported by Bjerrum (1973),
for several Norwegian clays. Based on these results
an anisotropic model is suggested and developed into
constitutive equations by Athanasiu (1999). Andresen
and Jostad (1999) have formulated and applied an
anisotropic total stress based model which also may
account for softening (Andresen 2002). An interpola-
tion function for strength and stiffness as a function
of the stress orientation is used. A similar procedure
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is applied in the proposed model in this paper, as
described by Grimstad (2005). In our model a differ-
ent interpolation functions are assumed compared to
Andresen (2002), and no inner elastic stress region
exists. An elliptically shaped yield surface is adopted
and loading from the initial state towards failure will
produce different amount of plastic strains depending
on both the size and the direction of loading. The input
parameters are the active, direct and passive undrained
strengths and the three corresponding failure shear
strain levels. The strength will normally be given as a
function of depth. In addition information on the ini-
tial stresses is needed.

2  FORMULATION AND INPUT PARAMETERS
The yield criterion is stated in equation (1a).
F=r-x-R =0 (1a)

Where 7, k and Ry are defined in equation (1b), (1d)
and (3a). Compression is positive.

reyr et (1b)
O'L—O'X
x=——"-1, (10)

The y-axis is assumed vertical and the x-axis horizon-
tal. The initial vertical stress is o,y = g,9. The scalar



hardening parameter, k in equation (1d), follows equa-

elliptic failure surface is expressed as:

tion proposed by Vermeer and de Borst (1984):

iy R R, .\/(R,f -R’) (1j +R'-R}-R-Z
2. N _Tr gy R, = ! !
k=1 14471y’ ’ ag 7 N2
4 7,, sz _(sz _RD ) _
1 }/p > }/: r (3 )
a

where vy}, is the peak plastic shear strain which is a
function of the stress rotation angle, (3, as defined in

figure 1. The peak plastic shear strain is determined from the input parameters.

The parameters R,, Ry, R:?, and R, are calculated

by interpolation between the three input values depend- st —s”
ing on the stress rotation angle, figure 2. The accu- R, =7, ——— (3b)
mulated plastic shear strain, v,, is to be integrated 2
along the strain path. Equation (2) expresses one P
infinitesimal increment in plastic shear strain. _5 tS, (3¢c)
B
2
dy’ = \/(dg’_’ ~de’) +(dy’) )
| | R =(s~7,) (s +7,) (3d)
Ry is the distance from the initial shear stress, 7, to
the failure surface, figure 1. The equation for the — p — 70 (3e)
D h
Ty Figure 1 shows the relation between the input param-
70 eters and the elliptic failure criteria. The angle 6 is
defined through equation (4).
cos(20) = £ 4)
r

In figure 2 the interpolation of the peak plastic shear
7, 2 strains is presented for the input values in table 1. If
the elliptic interpolation function is used one should
be aware that the yield surface may become concave
for inappropriate input parameter sets.

The constitutive relation is put together following
conventional methods based on an associated flow
rule using the following yield surface gradient:

Figure 1. Elliptic failure criteria.
~(z+per,)
ACTIVE | ‘ DIRECT [passive oF »
0.06 ||~ set1 = Xtut, (52)
o o6 2-r '
2:(e, - w0 7).
T, ok Oy, OR,
- p= = Ry | (5b)
T 003} r 9y, 0cos20 d(cos 20)
Table 1. Input parameters.
Set Undrained strength Shear strain at failure
0 ‘ ‘ ‘ ‘ ‘ ‘ ‘ ‘

0 10 20 30 4 50 60 70 80 90 G P ,
s silovg Suloy T;f’ DS/ Tvo 'Y;I;A 'Y;I;P 75DSS
. . . L. 1 0.4 0.2 0.3 0.01 0.06 0.02
Figure 2. Interpolation of peak plastic shear strain with 5 0.4 0.2 0.3 0.0l 0.06 004
rotation. . : : : : :
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The initial maximum shear stress, 7y, may be deter-
mined from an initial at rest coefficient, K. This gives
To = 0y (1 — Kg)/2, which may grow unrealistically
large at depth and conflict with 7, < s;. A more con-
sistent alternative is to determine 7, from the initial
degree of mobilization, f;, as 7, = f; - s. In the latter
case the initial horizontal stress is assumed to be:

v " LA
O _<O-v(l 2 0 Su>

where  is the Macauley brackets making sure that
we always have a positive horizontal stress, o)’ > 0.

(6)

3 SIMULATION OF BIAXIAL AND
DIRECT SIMPLE SHEAR

3.1 Input parameters

The input parameters are given in the table 1. In addi-
tion the elastic shear modulus G is needed. In the
numerical simulation of biaxial and direct simple
shear, G = 300 - o, is used. The initial mobilization
is assumed to be £, = 0.5.
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Figure 3. Normalized stress-strain curves from numerical
simulations.
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Figure4. Normalized stress paths from numerical simulations.
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3.2 Results

Stress strain plot for the compression and extension
biaxial test is shown together with plots for two dif-
ferent direct simple shear tests in figure 3. The stress
paths in the shear stress plane are shown in figure 4.
It may be noticed that the principal stresses are rotated
35.8° at failure in the direct simple shear tests. The nor-
malized stress paths for the two DSS test simulations
show the effect of different peak plastic shear strain
when subjected to horizontal shear. We may notice that
although the failure criterion is the same, the yield
surfaces will not coincide.

4 DISCUSSION OF THE MODEL

Undrained Biaxial or DSS tests on high quality sam-
ples cut and loaded at different angles to the vertical
are needed to evaluate the quality and accuracy of the
model. Here model predictions are compared to
results from DSS test on soft Norweigian clays as
reported by Bjerrum (1973) and Soedemir (1976). In
order to compare the test results with the model, it is
an advantage to rewrite the model equations as shown
in the following, inspired by Athanasiu (1999).

The angle w, defined in equation (7a), relates to the
direction of pure plastic shear strain as given by the
associated flow rule. The rotation of the failure plane
from the initial horizontal stress is 8. The rotation of
the failure plane from the principal stresses is then oy
according to equation (7c). The angle 0 is the rotation
of the principal stresses. The critical shear stress on a
potential failure plane, 7,, is given by equation (7d).

In figure 5 the critical shear stress in the model is
plotted together with results from undrained direct
simple shear tests presented by Bjerrum (1973). The
present model reproduces the test results reasonably
well, even though some discrepancy is observed. In
Athanasiu (1978) results from plane strain tests and
direct simple shear tests are presented. These results
are reproduced in figure 6 together with the best fit
ellipse. The direction of the plastic shear strain at failure
in these tests is also indicated. Obviously the assump-
tion of associated plastic flow may be questioned.
Although the proposed total stress model is able to
account for anisotropy in undrained calculations, the
total stress approach to some extent limits the under-
standing of the underlying soil behavior. For instance
the failure plane observed in laboratory tests is in gen-
eral not in accordance with the planes obtained from the
model. In real clay samples the strength and possible
failure along certain planes appears to be of a more
complex nature than we may possibly capture in a clas-
sical elastoplastic total stress approach.

In tigure 7 the current elliptic interpolation is used
on data found in Whittle (1993), together with his
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plotted together fit from the proposed model.
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Figure 6. Shear strengths observed in simple shear test and

plane strain device, presented by Athanasiu (1978).

predictions from the MIT-E3 model. We should notice
that the MIT-E3 predictions are not obtained through a
simple interpolation function as in our current model.
Even though it appears like the total stress based model
in this case fits the experimental data best, it is no
doubt that an effective stress based model has a larger
potential in consistently reproducing the anisotropic
behavior of soil. Work on an effective stress based
anisotropic model for soft clays is initiated.

{z' } (944’5‘/ jz
W), 5

P (7a)
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Figure 7. Comparison with data from tests on Boston Blue
Clay in a directional shear cell (Whittle 1993), OCR=~4 in
the test.

a, =45"-0+w (7¢)

o —o,
T =q———F -cos2m+ {r} -sin 2@ (7d)
c 2 , )

5 NUMERICAL EXAMPLE

5.1 Case

In figure 8 a plane strain model for excavation in clay is
shown. The Finite element program PLAXIS is used for
the numerical calculation of the problem. The construc-
tion consists of two stages, stage one is installing sheet
pile and excavating to level —1.5m. Second stage is
the installation of the anchor and further excavation to
level —4.5m. The soil parameters are given by tabie 2
and are typical for soft Scandinavian clays. Triangular
elements with 15 nodes are used; the mesh is indicated
in tigure 8. The top layer of sand is assumed to act as a
load only and has no strength. The anchor is not pre-
stressed at installation and its capacity is restricted to
100 kN/m. The soil density is 20 kN/m? for both layers.

5.2 Deformations in serviceability state

Horizontal wall displacement is shown in figure S.
We observe that assuming isotropic behavior using
laboratory results from active biaxial tests only, will
significantly underestimate the deformations. If we on
the other hand assume isotropic behavior with average
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Figure 8. Plane strain model of sheet pile wall.
Table 2. Input parameters.
Anisotropic Isotropic(1) Isotropic(2)
Parameter  Value Value Value
5 0.40,,) 0.30,) 0.40,)
+10kPa +7.5kPa +10kPa
st 020, 030, 040,
+5kPa +7.5kPa +10kPa
¥ pss 0.30,) 0.30,) 0.40,)
+7.5kPa +7.5kPa +10kPa
G 3000, 3000,y 3000’
+7.5E3kPa +7.5E3kPa +7.5E3kPa
Y 0.01 0.03 0.01
Yo P 0.06 0.03 0.01
Y/ pss 0.02 0.03 0.01
f 0.5 0.0 0.0
K, not constant 1.0 1.0
Uy [m]
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Figure 9. Horizontal displacement of sheet pile.
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Figure 10. Two procedures for safety calculation.

undrained strength we will predict too large deforma-
tions. The anisotropic simulation falls in between the
two isotropic cases and the differences between the sim-
ulations are significant. This shows the importance of
taking anisotropy into account.

5.3 Calculation of factor of safety

The calculation of a factor of safety is based on incre-
mentally reducing the strength of soil. When defor-
mations become excessive a failure mechanism has
developed. The corresponding strength reduction fac-
tor is taken as the factor of safety. For the anisotropic
soil model two principally different methods may be
used for calculating a factor of safety.

(1) Reducing strength while keeping the initial max-
imum shear stress, i.e. 7y constant, figure 10a.

(2) Reducing strength as well as the initial maximum
shear stress, i.e. keeping f; constant, figure 10b.

The first one may appear most straightforward, but if
the initial maximum shear stress is high, then the ini-
tial state limits the strength reduction, figure 10a.
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Figure 12. Normalized stress paths for the anisotropic
model with reduced strength parameters.

Figure 11 gives results from calculation of safety fac-
tors. These curves are produced from manual decrease
of input parameters until a limit state is reached. The
node followed is located at the sheet pile at —3 m. As
expected the isotropic soil model using active strength
will dangerously over predict the safety giving F = 1.7.
The isotropic simulation using average strengths gives
atoo low value of F = 1.3, while the anisotropic model
provides a factor that is believed to be the most correct,
F = 1.4. We may observe that in this example the ratio
between the safety factors of the two isotropic cases
(1) and (2) will be %, directly following the ratio
between the corresponding input strength parameters.
The stress-points B-H is monitored through the calcu-
lations. In figure 12 the stress paths for the different

points are followed until failure. The calculation is done
with the anisotropic model and with an initial mobi-
lization of 0.5 which is kept constant during the safety
factor calculation. The sudden breaks in the stress
paths are related to the two excavation stages and the
plastification of the anchor. It may be noted that point
F is on the passive side of the tip of the sheet pile.

6 CONCLUSION

Constitutive equations for a total stress based anisotropic
soil model have been established. The soil model derived
was implemented in PLAXIS using as a user defined
soil model and applied to simulations of laboratory
tests and a sheet pile wall. A limited amount of experi-
mental data found in Bjerrum (1973), Athanasiu (1978)
and Whittle (1993) is used to evaluate the proposed
failure criterion. More experimental data is needed to
conclude regarding the accuracy of the model, but the
model significantly improves practical simulations
compared to isotropic models.

The sheet pile wall problem was calculated using
both the anisotropic soil model and an isotropic soil
model. It is observed how an isotropic soil model using
only results from undrained active biaxial tests signifi-
cantly over predicts the safety factor and underesti-
mates the deformations. On the other hand using average
strength in an isotropic simulation shows too low factor
of safety and too large deformations. The average is
then the average of the active, direct and passive
undrained shear strength. Using the anisotropic soil
model the overall behavior is in agreement with expected
results and much more realistic. It is believed that
anisotropic soil models as developed herein represent a
major improvement over isotropic models when it comes
to simulating the undrained behavior of soft clays.
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Calculation of shear band thickness in sensitive clays
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ABSTRACT: A key parameter in the calculation of capacity or peak load of sensitive clays is the shear band thick-
ness which may develop due to the strain softening behavior of this material. The shear band thickness may govern
the strain rate and thus also the rate of softening. In contrast to granular materials, where the shear band thickness
depends on the grain size, the mechanisms that govern the shear band thickness in sensitive clays under undrained
condition are not fully understood. The hypothesis considered in this paper is that the shear band thickness is
governed by the deformation rate, where the time dependent mechanisms are local pore water flow and time induced
shear deformations (creep). Finite Element Method is used to find conditions where the shear band thickness in sen-
sitive clays becomes unique and not governed by the finite element discretisation.

1 INTRODUCTION

The shear stress-shear strain characteristics of sensitive
clays may show a significant strain softening behavior
under undrained deformation. After the peak shear stress
is reached, the shear stress decreases with increasing
shear strain toward a residual strength at large shear
strain. This is illustrated in Figure 1 for an idealized
direct simple shear (DSS) test.

A consequence of the strain softening behavior is that
the continuing stress-strain curve at the peak stress is
not unique. When the shear strength is reduced beyond
the peak shear strength, the trivial response is that the
material continues along the plastic loading branch

Trivial solution:

Strain localisation:

“I

Figure 1. Bifurcation problem during direct simple shear
of a strain softening material. Uniform trivial solution and
strain localisation on a shear band with thickness tgg.

sh Elastic unloading

—_—

l Ean

Sh/H
—_—
T
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with increasing plastic shear strain. However, material
may, due to the reduced shear stress, also continue along
the elastic unloading branch as illustrated in Figure 1.

While analyzing the capacity of a general boundary
value problem this type of bifurcation problem can only
be solved by using numerical methods such as the
Finite Element Method. Stress equilibrium, material
behavior and displacement compatibility of the soil
mass are then satisfied throughout the loading phase.
The uniqueness of the continuing solution curve at any
load level may be checked by an eigenvalue analysis
of the tangential stiffness matrix (de Borst, 1987 and
Jostad & Nordal, 1995).

The loss of uniqueness may result in develop-
ment of shear bands, i.e. thin zones with large plastic
shear deformation and elastic unloading outside the
shear band.

The thickness of the shear band governs the degree of
softening and thus also the capacity or peak load of the
boundary value problem (Jostad & Andresen, 2002).
The degree of softening is in this case defined as the
negative slope of the curve of shear stress versus differ-
ential tangential displacement across the shear band in
the post peak shear stress branch (see Fig. 1).

Without a proper regularization technique the thick-
ness of the shear band may theoretically be reduced
to zero or limited by the finite element discretisation
(de Borst et al. 1993).

However, in contrast to granular materials, where the
shear band thickness is found to be governed by the
grain size (e.g. Roscoe, 1970), the mechanisms that



govern the shear band thickness in sensitive clays under
globally undrained condition are not fully understood.

In this paper the hypothesis that the shear band thick-
ness is governed by the deformation rate is considered.  increment At.

The regularization mechanisms are time dependent The pore water flow velocity v is given by Darcy’s
local pore water flow and time dependent shear defor-  law:
mations (creep).

This hypothesis was also considered in Thakur et al.
(2005) using a rate independent linear elastic perfectly
plastic material model. However, in that case the local
pore water flow was not able to regularize the solution.

where Av is the change in fluid flow velocity over the
finite element length AL, and Ae is the change in normal
strain (constant within the element) during the time

kA
y=-"P 3)
7. AL

where k is the permeability, y,, is the unit weight of
the pore water, and Ap is the change in excess pore
pressure over AL.

The element must also satisfy the equilibrium
equations, where the internal forces due to the normal
stress o and shear stress T are in equilibrium with the
nodal point forces. In nodes without external forces, the
stresses in the elements at both sides of the node must
then be equal.

The normal stress o is divided into effective stress o’
and excess pore pressure p (compressive stresses and
pore pressure are taken as positive): o = o’ + p. Effec-
tive stress change Ao’ is given by the normal strain and
the shear strain as described below.

2 FINITE ELEMENT PROCEDURE

The development of shear band in sensitive clay is stud-
ied by using a finite element code called BIFURC
developed at NGI. For simplicity, a one dimensional
idealization across a potential shear band is considered.
The key ingredients in the Finite Element formulation
used in these calculations are then:

o A two noded one dimensional consolidation element
with normal displacement, lateral displacement and
excess pore pressure degrees of freedom in each node.

e An implicit time stepping scheme with equilibrium
iteration within each time step. The iteration is in this
case performed with the elastic stiffness matrix of the
soil skeleton, i.e. the initial stiffness method.

e A non-associated elasto-plastic model based on
a plastic (permanent) strain dependent mobilized
friction.

o A dilatancy angle controlled by input of an accumu-
lated plastic shear strain induced excess pore pressure
curve obtained from undrained shear tests.

o A time dependent plastic shear strain (creep).

2.2 Constitutive model

The stress-strain relationship of sensitive clays is des-
cribed by an elasto-plastic model with a plastic shear
strain dependent mobilized friction tan p. The mobi-
lized friction concept is for instance described in Janbu
(1985). The yield criterion is then given as:

T
F=" _tanp=
o —tanp=0 “

The above ingredients are described in more details in

the following. In this paper the relationship between the mobilized

friction and the plastic shear strain is for simplicity
described by a function proposed by Vermeer and
de Borst (1984):

2.1 1D Consolidation element

A 2-noded one dimensional consolidation element is
used to model the effect of local pore water flow (drain-

age) during shear deformation. NI /
The element describes both normal strain & and shear

strain +y:

— |~
Ay,
r a

where u,, and u, are the normal and the lateral displace-

ments along the finite element length AL.

The element must also satisfy the continuity (mass

balance) of the pore water, i.e.

Av-At=Ag-AL
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tan p =tan p, +2 AT Ty ((tang-tanp,)  (5)
I+y, 17,
where vy, is the plastic reference shear strain, p, is the
initial mobilized friction angle, ¢ is the peak friction
angle and -y, is the plastic shear strain where the peak
friction angle ¢ is reached under a constant (reference)
shear strain rate.

The coupling between plastic normal strain and plas-
tic shear strain is controlled by the dilatanty angle s, i.e.

Agp ©)

P

tany =—




Based on undrained DSS tests a relation between
excess pore pressure p, and plastic shear strain may be
found. In a standard DSS test the total normal stress is
kept constant, which means that the measured pore
pressure changes are shear induced. This relationship is
in this paper, for simplicity described by a hyperbolic
function:

pll
l+7,

P, =c, 7, t

O

where ¢, and p, are parameters used to fit the measured
shear induced pore pressure. The dilatancy angle is then
calculated in order to give the shear induced pore pres-
sure under perfectly undrained condition.

The time dependent plastic strain (creep) incre-
ment is calculated based on a modified formulation
of Mitchell’s equation (Mitchell et al. 1968):

t,, +At

If f>f.: Ay, =A-(e“) e ).1n[L.]
t

ref

(®)
If f<f Ay,=0 )]

where A and « are parameters used to control the strain
rate, f = tanp/tan ¢ is the mobilized friction, f, is a
friction (threshold level) that must be exceeded before
the creep strain becomes significant, ¢ is a reference
time and t., is an equivalent time corresponding to the
accumulated creep strain at the current mobilized
friction.

The elastic strains are given by the elastic shear
modulus G, and constrained modulus M,. G, is
derived from the initial part of the shear stress-shear
strain curve obtained from a DSS test. G, is therefore not
necessary taken equal to the small strain stiffness
Gpax- M, is the secant constrained modulus obtained
from an unloading phase during an oedometer test.

2.3 Material behavior

The constitutive behavior of saturated soft clay subjected
to varying strain rates is in this paper, in lack of suitable
DSS tests, taken from undrained triaxial compression
tests on plastic Drammen clay (Berre, 1973). Some
index data of the marine clay is given below:

Water content, w (%) = 50%
Plasticity index, 1, (%) = 25%
Over-consolidation ratio, OCR = 1.25
Clay content = 45-55%

Sensitivity, S; = 3-5

Specimens taken from approximately the same depth
are deformed under three different nominal vertical

Copyright © 2006 Taylor & Francis Group plc, London, UK

Drammen Clay
Triaxial Compression Tests

Drammen Clay
Triaxial Compression Tests

o
e

- S

—] s
e e e ol
2 O el B — £ —
X o s Lal [ X o e, |
o s [ 7
E E
e e ~rm

o

‘+ B

il I
e,

012345670809101112131415 o 02 04 05 oo i
Shear strain (%)

Normalised effective mean stress
Figure 2. Results from undrained triaxial compression tests
on plastic Drammen clay with different applied constant
strain rate.
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Figure 3. Interpreted normalized pore pressure p,/p,’ versus
plastic shear strain and mobilized friction sin p versus plastic
shear strain from undrained triaxial compression tests with
different applied strain rates.

strain rates: 35%/hour (fast), 0.6%/hour (medium) and
0.023%/hour (slow).

Figure 2 (left) shows the shear strainy = ¢, + Y2 g,
versus the normalized maximum shear stress
V2 (0, — op)/p,’ obtained from these tests, and Figure 2
(right) shows the corresponding effective stress paths,
¥ (o — op)/p,’ versus Y2 (a," + oy,")/p, . The speci-
mens were initially consolidated to the initial in situ
effective vertical stress p,” = 73 kPa with an effective
horizontal stress o' = 0.5 - p,’.

From these tests it is found that the shear induced
pore pressure p,, is independent of the applied nominal
strain rate as shown in Figure 3 (left), and that the
nominal shear strain at a given mobilized friction sin p
increases with reducing nominal strain rate (i.e. increas-
ing time) as shown in Figure 3 (right).

The shear induced pore pressure is therefore in this
paper described by Equation 7 where the plastic shear
strain is the sum of a plastic reference strain (corre-
sponding to the plastic strain obtained with a given
strain rate) and an accumulated time dependent (creep)
strain given by Equation 8 or by Equation 9 depending
upon current mobilization level.

3 CALCULATIONS

The idealized problem analyzed in this paper is shown
in Figure 4. It is a 1D column with the height H, which
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Figure 4. Example with input data.

may represent the soil on one side of a potential shear
band. The 1D assumption is valid as long as the height
H is small compared to the length of the potential shear
band. However, the idealization is not valid close to the
front of a propagating shear band where the mecha-
nisms are more complex.

The shear stress is assumed to be constant over H, and
H large enough to be globally undrained (i.e. the height
is constant equal to H during the analysis). The differen-
tial lateral displacement rate over H is assumed to be
constant during the analysis (e.g. as in a strain con-
trolled DSS test). The lateral displacement &h is pre-
scribed at the first node (x = 0) and the last node
(x = H) is totally fixed. The shortest element length
used is only 1 mm, which is short enough for the analyses
presented herein.

The bifurcation problem, i.e. the possibility of
switching to a non-uniform deformation mode, is
checked by an iterative procedure as described below:

o The time dependent problem is solved by an implicit
time stepping scheme.

e The lateral displacement 8h is increased by
v - H - At (where v is the applied nominal shear
strain rate) in each time step. The time increment At
is sufficient small to secure small strain changes
during the time step.

o The iteration process is started by first assuming that the
differential lateral displacement takes place only over
the first element. This gives preference to develop the
minimum possible shear band thickness for the actual
mesh. The iteration process then continues until the
equilibrium (same shear stress and total normal
stress in all elements), and mass balance (no global
volume change) for the actual excess pore pressure
field are satisfied. The iteration is performed by using
the elastic stiffness matrix which is most robust for
this problem with the possibility of switching to
elastic unloading outside the shear band.

The material properties used in the analyses are
presented in Figure 4. In the first set of analyses the

Copyright © 2006 Taylor & Francis Group plc, London, UK

30

deformation).

effect of time induced shear strain (creep) is neglected.
The stress-strain curves in these cases (referred as
rate-independent) are shown in Figure 5.

These idealized curves agree rather well with results
from DSS test on plastic Drammen clay subjected to a
deformation rate of 1%/hour.

The second set of analyses are done by accounting
for the rate effect. The input parameters for these cases
are presented in Figure 4 (right) and the resulting stress-
strain curves in Figure 5 for a fast and a slow test.

Figure 6 shows the calculated shear strain and pore
pressure distributions at different nominal shear strains
(8h/H = 3% to 4.3%) obtained with different applied
nominal shear strain rates. The effect of time dependent
strain is not taken into account. It is seen that the initial
zone with localized shear strain (shear band) reduces
with increasing applied nominal shear strain rate.
Furthermore, the shear strain is largest in the centre of
the shear band (x = 0) from where it reduces smoothly
toward the strain outside the shear band.

From Figure 6 it is also seen that the shear band
thickness is not constant but that it decreases with
increasing strain. The reason for this is that the rate
of pore pressure generation within the shear band is
decreasing with increasing strain. When the rate of pore
pressure generation becomes slow the effect of local
pore water flow is not able to regularize the shear band
thickness and the thickness becomes equal to the ele-
ment size.

By performing analyses with different element
lengths it is found that the solution (e.g. the post peak
strain softening curve in Figure 7) is mesh independ-
ent, as long as the element length is sufficiently short
compared to the resulting shear band thickness. This
clearly demonstrates that the local pore water flow
regularizes the solution.

Figure 8 shows the calculated initial shear band
thickness (which due to assumed symmetry about the
centre of the shear band is two times the length obtained
in the analyses) as function of the applied nominal
shear strain rate. It is seen that the initial shear band
thickness becomes large at low nominal shear strain
rates.
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Figure 6. Calculated shear strain and excess pore pressure distribution at different global shear strain 3h/H and different
applied nominal shear strain rates.
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The effect of increasing strain rate and then redu-
ced time dependent strain is not taken into account in
Figure &.

By taking into account the effect of time dependent
shear strain it was found that strain localization was
prevented before the peak friction was mobilized.
This means a uniform deformation within a height of
at least 20 cm in the post peak shear stress softening
regime toward the peak friction. The reason is that
strain localization will reduce the contribution from
time dependent strain compared to a uniform strain
field. This will also reduce the strain induced pore
pressure and thus increase the shear strength. In these
cases time dependent strain will therefore prevent the
development of localized shear deformation.

4 CONCLUSIONS

The hypothesis that the shear band thickness in sensi-
tive clays under rapid shear deformation is regular-
ized by time dependent effects caused by local pore
water flow, is demonstrated by 1D finite element
analyses. However, it was necessary to use a constitu-
tive model with a strain dependent mobilized friction
where the mobilized friction increases with increas-
ing pore pressure at the peak shear stress. The mate-
rial close to the zone with localized shear strain is
then prevented to elastically unload due to increased
pore pressure from dissipation of pore water from the
localized zone.

That a shear band may be prevented to develop due
to the effect of time dependent shear strain (creep)
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before the peak friction is mobilized is also demon-
strated by using realistic properties for a plastic marine
clay.

This study has however a limitation of lack of proper
rate dependent data for more sensitive clays. In order to
extend the relationships between applied nominal shear
strain rate and shear band thickness, it is necessary to
achieve relevant properties for more sensitive clays.

It would also have been interesting to verify the
results from the numerical analyses by measurements of
the local strains during the test.
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ABSTRACT:

In this paper, the features of S-CLAY1 model are explored through identification of the

so-called response envelopes, which is very useful way of studying the incremental behaviour of a constitutive
model. To highlights the effect of anisotropy induced by the S-CLAY1 model formulation a systematic com-
parison to the response of the well known isotropic Modified Cam-Clay model is performed.

1 INTRODUCTION

Due to construction activities, soils are subjected to a
variety of loading paths involving not only increases
in magnitudes of principal stresses, but also changes
in the direction of stresses. The complexity of soil
behaviour, combined with the wide variety of loading
conditions in geotechnical problems, has resulted in
development of a wide variety of advanced constitutive
models. The performance of these models is investi-
gated by modelling laboratory tests under few con-
trolled stress or strains paths. Another way to assess
and compare the performance of these models is to
perform a stress or a strain probing to deduce so-called
response envelope as proposed by Gudehus (1979)

and Gudehus & Kolymbas (1979).

Description of soil behaviour as a function of load-
ing direction is a key ingredient in the analysis of any
geotechnical structure, where different zones of soil
experience widely different stress-paths, both in size

and direction.

The objective of this paper is to asses the perform-
ance of S-CLAY1 model, a recently developed elasto-
plastic anisotropic model, compared to the well known
isotropic Modified Cam-Clay model in terms of incre-
mental behaviour for number of different stress paths
all originating from a common initial state (stress
probes). Due to the limitations of space, only a brief
summary of the main features of the constitutive models

employed is given below.
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2 S-CLAY1 MODEL

In the simplified stress space of a triaxial test, when
considering a cross-anisotropic sample, the yield curve
of S-CLAY1 can be expressed in terms of p’ (mean
effective stress) and q (deviator stress) as:

t=@-op)’ ~M> - )pm-PP'=0 (1)

where M is the critical state value of the stress ratio
n(n = g/p’) and p;, and « define the size and the
inclination of the yield curve (Fig. 1). For a equal to
zero, Eq. (1) reduces to the yield curve of the Modified
Cam Clay model (Roscoe & Burland 1968). The elastic
behaviour is assumed to be isotropic as in the Modified
Cam Clay model (MCC), and likewise, an associated
flow rule is assumed.

The first hardening law describes changes in the
size of the yield curve and is similar to that of MCC.
The second hardening rule (Eq. 2) predicts the change
in the inclination of the yield curve produced by plas-
tic straining (Naétinen et al. 1999, Koskinen 2001,
McGinty et al. 2001). In triaxial stress space, for a
case where the main axes of anisotropy stay fixed, the
rotational hardening law can be expressed as:

doc= u([%—o‘]@gg%ﬁ[g_a]dgg” @

where défj and dé¥) are the plastic shear strain increment
and the plastic volumetric strain increment, respectively.



Table 1. Input parameters for S-CLAY 1.
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Figure 1. S-CLAY1 yield curve.

Constants . and 3 control, respectively, the absolute
rate at which o heads towards its current target value
and the relative effectiveness of plastic shear strains
and plastic volumetric strains in determining the current
target value.

The model involves seven soil constants. Five con-
ventional parameters are the same as in the MCC model
and can be directly measured from standard laboratory
tests. The initial state of the soil is defined by the stress
state and the initial values of p,;, and « that define the
initial size and inclination of the yield curve.

The two additional parameters (. and {3) relate to
the rotational hardening law. Parameter B and the ini-
tial inclination of the yield curve o can be determined
by simple procedures as proposed by Wheeler et al.
(1999). There is no direct method for deriving the
value of the parameter w. In this paper; an attempt to
highlight the effects of . on the response envelope is
investigated.

3 NUMERICAL PROGRAMME

3.1 Signs convention and numerical tool

In the following, the usual sign convention of soil
mechanics (compression positive) is adopted through-
out. In line with Terzaghi’s principle of effective stress,
all stresses are effective stresses. Also, the volumetric
strains and shear strains are expressed in simplified
strain space of a triaxial test and the main axis of
anisotropy fixed.

For numerical simulation a single Gauss-Point
program is used for all the presented results and

Copyright © 2006 Taylor & Francis Group plc, London, UK

34

K v A M g ago P (kPa)
0035 03 055 12 20 076 045 420
UL B UL R S
—S-CLAY
40 - — MCC
[ e A
I ' | m B
v ) . |
20 o N N B(10)
5 A I
£ o i
o / 'l' ]
-20 _\\ / ]
~ 7/ ]
il -
-40 | i
P SR T N S S PN TR S [N T S TR N T R |
0 20 40 60 80 100
p' (kPa)
Figure 2. S-CLAY1 and MCC yield curves — initial state of

stress explored.

calculations with MCC model are performed with the
subroutine dedicated to S-CLAY1 by cancelling the
effect of anisotropy by setting the initial value of o and
parameter . to zero.

3.2 Soil parameters

The soil parameters used in this study are typical of
Scandinavian soft clays and have been derived based
on a comprehensive experimental study, including
drained and undrained triaxial tests and oedometer
tests, done on samples of POKO clay taken near the
town of Porvoo in southern Finland. The tests were
carried out at Helsinki University of Technology and
the full description can be found in Koskinen (2001).

For S-CLAY1 model, the input parameters are as
shown on Table 1, where k and A\ are the slopes of
swelling/recompression line and the normal compres-
sion line, respectively and v’ is Poisson’s ratio. For
Modified Cam-Clay model, the values for the standard
soil parameters are the same as in Table 1. However,
the parameter p; defining the size of the initial yield
curve for the MCC model is chosen so that the yield
curve coincides with the S-CLAY 1 yield curve for the
stress path m = m. Hence, the initial value of p’ is
taken equal to 54.6kPa (Fig. 2).
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3.3 Stress probing and initial state of stress

Each stress probe from an initial state (0,0, 0yp) is
described by the following parametric equations:

Ao = Rgsin(yg)
¢ 3)

1
Ao =Ry cos(yo)
where R, denotes the norm of the stress increment,
and vy, represents its direction in the Rendulic plane
of stress increments (Ao, 2Ac,; Fig. 3). For the
presented simulations, two initial states of stress were
adopted: anisotropic initial state of stress on the yield
curve of both models for m = )y, (point A on Fig. 2)
and an isotropic initial state of stress on the yield
curve of S-CLAY1 model (point B on Fig. 2). The
magnitudes of stress increments explored are 10kPa
for initial state of stress A and B (denoted A(10) and
B(10), see Fig. 2) and 30 kPa for initial state of stress
B (denoted B(30)).

4 NUMERICAL SIMULATIONS

4.1 Response envelopes of linear elastic model

The Gauss-Point program was first evaluated for a
linear elastic material according to Hook’s law for dif-
ferent values of Young’s modulus with values of
Poisson’s ratio between 0.0 and 0.5. The response
envelopes to a stress increment of 10kPa in terms of
axial strains versus radial strains and shear strains
versus volumetric strains are shown respectively on
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Figure 4 and Figure 5 for v’ values of 0.0 and 0.3 and
Young’s modulus value of 4737 kPa.

As expected for v’ = 0, a circle is obtained in the
axial strains versus radial strains diagram and for
increasing value of the Poisson’s ratio inclined ellipse
is obtained until it collapse to a straight line for v’ =
0.5 (not represented on this Figure). The aspect ratio
of the ellipse is controlled by the value of Poisson’s
ratio, whereas the size of the ellipse is controlled by
R,/E and the Poisson’s ratio.

The same stress-probes were performed using the
elastic relationships in Modified Cam-Clay model
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assuming a constant Poisson’s ratio. For illustration,
the response envelopes for two different values of
Poisson’s ratio are shown on Figures 6 and 7 (for
values as defined in Table 1). As the bulk modulus
depends on the k value, the void ratio and the mean
effective stress, the response envelopes coincide for
purely volumetric strain paths. The Poisson’s ratio
affects mainly the ratio of the response envelopes as

shown in Figure 7.
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4.2 Response envelopes of MCC and S-CLAY1

4.2.1 Stress probe A(10)

To investigate the differences in the incremental
response of MCC and S-CLAY 1, the stress probing for
the initial state of stress and increment size denoted
A(10) is performed. In terms of axial strains versus
radial strains, similar qualitative results with both mod-
els are obtained (Fig. 8) where the softest response is
associated to those paths which are characterised by a
large deviatoric component. This predicted behaviour is
in agreement with tests results performed on silty clay
coming from southern France (Tamagnini et al. 2005).

Furthermore, the incremental response remains
continuous as the stress increment rotates and convex
except a minor irregularity observed in the envelopes
for both models close to neutral loading in extension.
The material response is softer when the probe points
in the direction of continued loading, and stiffer upon
unloading. In the purely elastic region, as expected,
identical response is obtained. In terms of magnitude
of strains, S-CLAY'| predicts higher axial strains than
radial strains for v, between 0° and about 135° and
then this tendency is reversed until the elastic region
is reached.

In terms of volumetric strains versus the shear
strains (Fig. 9), for purely axial stress path MCC model
predicts almost twice the shear strains predicted by
S-CLAY 1 model.

4.2.2  Stress probe B(10)
The predicted response envelopes for initial state of
stress and stress increment denoted B(10) obtained
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using S-CLAY 1 model and MCC model are shown on
Figures 10 and 11. In terms of axial strains versus
radial strains, as expected from Figure 2. MCC model
response is basically elastic (no yielding occurs for
stress increments R, = 10kPa) and the form is simi-
lar to the results in Section 4.1.

The S-CLAY1 model predicts identical strain
envelopes in the purely elastic region to the MCC
model, but the results become different when yielding
takes place. The elasto-plastic response of S-CLAY'1

Copyright © 2006 Taylor & Francis Group plc, London, UK

37

Agg (%)

I B(10) A ——S-CLAY1
----- mMcc
0.5 i
Y.=180° =90
- 0, 4
. Y I: re, (/:)
\J -
* Y=
-0.5 - B
Te=
I B T R, L
-0.5 0 0.5 1 15
Figure 11. Response envelopes of MCC and S-CLAY1 —

stress probe B(10) — (g,-¢,).

Ae, (%
6 ,,a()
[ B(30) W ——S-CLAY1
DA B LELED MCC
L LI =
4 |“\“
‘\ ‘\ o
2 L ‘\ ‘|“ YG=90 N
| N
I /‘\ o]
. B
1,=180°1 M %=0 |
-2 + \‘ “ -
. O
L)
.
\‘ N\
-4+ % _
\‘|=
-6-“"“"“‘“"“"“‘
-6 -4 -2 0 2 4 6

Figure 12. Response envelopes of MCC and S-CLAY1 —
stress probe B(30) — (g,-¢,).

looks like an eccentric elongated ellipse. The incre-
mental response remains continuous as the stress incre-
ment rotates.

4.2.3 Stress probe B(30)

To initiate yielding for MCC model, stress probing
with initial state of stress and stress increment
denoted B(30) is performed for both models. Strains
envelopes obtained are shown in Figures 12 and 13, in
terms of axial strains versus radial strains and shear
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strains versus volumetric strains, respectively. Due to
the shape of Modified Cam-Clay model yield curve
and the nature of stress probing (initiated from an
isotropic stress state), the strains envelope obtained is
symmetrical to the volumetric strains axis (Fig. 13).

For S-CLAY1 model, asymmetric strain envelope
is obtained (Fig. 13). Again in the purely elastic region,
both strains envelopes are identical.

4.3 The effect of u value on the response
envelopes of S-CLAY1 model

In order to investigates the effect of w value on the
response envelopes of S-CLAY1 model, numerical
simulations for different values of w parameter were
performed for both initial states of stress A and B for
R, = 10kPa.

Results obtained in terms of strains envelopes for
three values of p parameter are reported on Figures
14 and 15, for initial state of stress A and initial state
of stress B, respectively.

For initial state of stress A, the effect of . value on
the strain envelopes seems negligible. In the elastic
region of the strain envelopes, as the inclination of the
yield curve is not affected, the value of p parameter
has no influence. When plastic straining takes place,
due to the small size of the stress increments, the
inclination of the yield curves changes only a little.

For initial state of stress B, the initial yield curve is
centred on the m stress path. Therefore, stress prob-
ing with isotropic initial state of stress, plastic strain-
ing will induce substantial rotation of the yield curve
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towards the isotropic axes. Therefore, a high value of
w will accelerates this rotation.

5 CONCLUSIONS

In this paper, the S-CLAY1 model, which takes into
account both initial and plastic strain-induced
anisotropy, was compared to isotropic elasto-plastic
model MCC through investigating predicted response



envelopes. The main conclusions on the performance
of the models can be drawn as follows:

— For stress probes A(10), the strain envelopes of both
models are qualitatively similar. However, in terms
of magnitude of strains, the MCC model predicts
notably higher shear strains than S-CLAY1.

— For stress probes B(10) and B(30), which start on the
isotropic axis, MCC model predicts a symmetric
strain envelopes with respect to volumetric strain
axis, whereas S-CLAY 1 model predicts asymmet-
ric strain response.

— In terms of the effect of w value on the strain
envelopes, the initial state of stress seems to have a
major effect. The w value has only a minor effect
when the initial state of stress lies on a stress path
that has the same target yield curve orientation as
the initial yield curve (A(10) in Fig. 2). However, for
stress probes from an isotropic initial state (B(10)
in Fig. 2), the . value has a major influence, as for
any plastic straining significant yield curve occurs.
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ABSTRACT: Based on the multilaminate framework, a first step towards modelling high elastic stiffness at
small-strain level is presented. The basic feature of multilaminate models, namely the consideration of various
integration planes to formulate the stress-strain relationship, is used in combination with a micromechanical
approach for the determination of the elastic stiffness matrix. The employed extension of the model also includes
the degradation of the elastic stiffness according to the material’s strain history. In this paper only a non-linear
elastic formulation for the micromechanical contact model is shown. The consequences and possibilities of
improvement will be discussed on the basis of numerically simulated triaxial tests.

1 INTRODUCTION

The last decades have been characterised by a remark-
able development in laboratory testing techniques on
geomaterials. The use of more accurate sensors and
local strain measurements allows a reliable and accur-
ate investigation of the stress-strain behaviour in a
wide range of strains, from very small (<0.001%) to
very large up to failure. But also the possibilities in
soil modelling and the variety of different constitutive
equations increased in the same time period and a
number of sophisticated constitutive models have been

developed to solve geotechnical problems.

Shear moduli of most soils decrease monotonically
with the accumulation of strain. The maximum stiffness
is observed at very small strains (e.g. strains <1075)
which are associated with linear elastic material behav-
iour. It has been recognised that the stiffness at small
strains should not be neglected in numerical calcula-

tions of boundary value problems.

2 MULTILAMINATE MODEL FOR SOIL

2.1 Framework

The Multilaminate Model for Soil (MMS), employed
for this study was developed and implemented into
the finite element code Plaxis (Brinkgreve, 2002) by
Wiltafsky (2003) and extended by Scharinger &
Schweiger (2005). The model offers the possibility to
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incorporate shear and volumetric hardening on 21, 33
or 37 independently acting integration planes per
hemisphere. It is one of the most important features
of this model that the development of the yield surface
on each sampling plane is based on the evolution of
plastic strains on the respective plane. Only under
hydrostatic loading the same preconsolidation pres-
sures are obtained on each integration plane. When
any deviatoric stress is applied, the state variables related
to the state of the yield surface vary over the planes.
An initially isotropic soil becomes anisotropic after
loading when analysed within the multilaminate frame-
work, thus it captures plastic flow induced anisotropy
intrinsically (Pande & Sharma, 1982). In this paper
however plastic deformation will not be addressed.

2.2 Local stress state on integration planes

In a constitutive model based on the multilaminate
framework, all mathematical formulations are described
for each integration plane explicitly and it is assumed
that the same characterisation holds for all planes.
According to the integration rule used, which defines
the number of integration planes, the local components
of the effective stress state oj have to be computed
from the global effective stress vector o”’.

) .o ()



T, represents the transformation matrix for the respect-
ive integration plane i, which is a function of the direc-
tion cosines of the unit normal to the i-th integration
plane.

3 DETERMINATION OF ELASTIC
STIFFNESS AT SMALL STRAIN LEVEL

3.1 Concept

A micromechanics approach is implemented in the
multilaminate model to describe the deformation behav-
iour at small strain levels. More precisely, the elastic
stiffness of each plane is obtained from a microme-
chanics based contact model applied at each particle
contact.

An assembly of equally sized spheres defined by
the average radius rye, Of the grains, the shear modulus
Ggrain, POiSsSON’s ratio vy, and internal friction angle
@grain Of the grain material is assumed to govern the
contact behaviour of granular materials at small strains.
In each contact between two spherical grains, the nor-
mal and the tangential component of the elastic stiffness
are formulated with respect to above parameters and
the contact forces. The number of contacts is dependent
on the density and size of the particles. In a first step
the non-linear elastic Hertz-Mindlin contact model is
introduced to simulate the interaction between two
spheres. For an assumed grain packing the compli-
ance matrix for each integration plane can be related
to the components of the stiffness at each particle
contact (Pande, 1987). Employing the same integra-
tion rule as employed for the accumulation of plastic
strains, the global elastic stiffness matrix can be
obtained.

3.2 Number of contacts

According to Chang, Misra & Sundaram (1990) the
number of contacts N per unit volume V for a packing
of equal-sized spheres can be calculated from the void
ratio e, the co-ordination number and the particle size as

N

=

3.C,

3-(1+e). @

8. m- Torain

The co-ordination number C, represents the average
number of contact points per particle and rg,;, denotes
the radius of the spherical grains.

The relationship between the void ratio and the
co-ordination number has been studied for different
types of material by various authors. The interrelation of
these two parameters was discussed by Graton & Fraser
(1935) for different systematic assemblies of spheres.
Table 1 summarises the results for various packings
of grains with void ratio and co-ordination number.
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hexagonal packing
(12 contacts per sphere)

simple cubic packing
(6 contacts per sphere)

Figure 1. Different packings of regular assembled spherical
grains.
Table 1.  Systematic arrangements of equal sized spheres.
Type \oid ratio Co-ordination number
Simple cubic 0.910 6
Ortho-rhombic 0.654 8
Tetragonal 0.433 10
Tombohedral or 0.350 12

hexagonal

Smith, Foote & Busang (1929) investigated differ-
ent assemblies of lead shot and found a relationship
between the porosity and the co-ordination number
on the basis of the assumption that an irregular and
disordered packing of spherical shots can be seen as a
mixture of two systematic assemblies. Field (1963)
studied random assemblies of rounded stones charac-
terised by different grain sizes, different gradings and
different void ratios and Oda (1977) made several
investigations on various arrangements of glass balls.
Very similar experiments with rock fill material were
performed by Marsal (1973) to determine another rela-
tionship among grain size, density and contact points
per particle. Yanagisawa (1983) also presented experi-
mental data on glass balls and gravel with two kinds
of particle shape.

For the application within the MMS one of the more
recent approaches presented in literature was chosen.
Chang et al. (1990) approximated the co-ordination
number for the range of 0.38 < e < 0.87 by

C,=13.28-8-¢ ©)

Figure 2 shows the experimental results for different
types of gravel, the results for the four systematic
assemblies and the approximation characterised by
Equation 3.

Substituting Equation 3 into Equation 2, the num-
ber of contacts per volume N/V can be written as a



':..; 12 ° ® systematic arrangements
5 O gravel (Yanagisawa, 1978)
'_E . — Equ. 3 (Chang et al., 1990)
5 10| T : :
g
£ °®
=
P
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o
0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0
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Figure 2. Implemented relationship between C, and e

compared with experimental results for gravel.

function of the average grain radius ry,, and the void
ratio e.

N 498-3-e

7=r 3-Tc~(1+e) (4)

grain

3.3 Contact force

As the elastic stiffness at small strain level is formu-
lated as a function of the contact force in each single
contact, the local stress state defined by o, and 7 has
to be converted to contact level for each integration
plane. Yimsiri & Soga (2000) proposed Equation 5 to
calculate the contact force between spherical grains
from the grain radius ry,;,, the number of contacts per
volume N/V and the isotropic confining pressure o..
In their study the global stress state was directly trans-
formed to contact level while multilaminate type of
models involve the integration plane level as an inter-
mediate step to derive the contact force. Therefore, the
normal component of the stress on each integration
plane can be directly substituted into Equation 5 to
obtain a mathematical relationship for the normal con-
tact force f, between the grains and the normal stress
o, calculated for each individual integration plane.

3-V

f” ) 2 Tgrain * N e (5)

Together with Equation 4, the dependency of the nor-
mal contact force f,, on the grain radius ry,, the void
ratio e and the normal force o, can be formulated as
following.

2 n-(l+e) 2

2, 4.7
fn= rgrc;m32 > .G, = }’émm -G, (6)
. - . ]
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Figure 3. Number of contacts per unit area (N/A) for the
least efficient close packing form, simple cubic packing.

To relate the contact force between the soil particles
to the value obtained for the loosest close packing, a
factor, ¢4, can be introduced as a ratio between the
number of contacts for the actual grain assembly and
the simple cubic arrangement with a co-ordination
number of 6.

A comparison of the result from Equation 6 for the
cubic packing and the analytical result gives exactly
the same contact force (Equ. 7). The analytical solu-
tion is obtained from the maximal number of contacts
per unit area, when the contacts in the presumed grain
assembly are counted along one plane (Fig. 3).

2
2. 2-(1+0.91
fnzrgmm—().cnzét 2.5 7

3.32-2-0.91

! rgmin n

The tangential contact force can now be written as:

2 2
_ Terain " T* (1 + e) _ 4- Terain .

=500 ¢ ®)

3.4 Local stiffness matrix

Using the inter-particle contact forces in the contact
model described later, the components K, and K; of
the local stiffness matrix K¢ for each integration plane
can be determined from the stiffness for each contact
point and the number of contacts defined by the radius
of the grains ry,, and factor ;.

K, 0 0
e__ N
ke=—0 o Kk o o)
4 Farain 0 0 K,

Before the transformation to global level, the compli-
ance matrix for a set of planes with the same direction
containing the normal and tangential compliance for
each integration plane has to be formulated according
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to Equation 10 by introducing the thickness of one layer
of soil particles represented by the grain diameter

(Pande, 1987).

C

ce=l o
0

3.5 Transformation of stiffness matrix

(10)

The transformation of the compliance matrix from
integration plane level to global level can be performed
by multiplication with the transformation matrix T;

and its transposed (Gerrard & Pande, 1985).

2

m -8y m-h
2
n ny 8 ny -ty
2
| ™ ny - S3 ny-ty
1
2-mny n-Sy+nycSs Nyl -t
2:nyny My-Sy+NycS3 Hylz+nyct,
|2-mny nyesptmesy onycf+ncty |

(11)

T; can be formulated with respect to the direction
cosines of the unit normal to the considered integra-
tion plane, where n = {n;,n,,n3} represents a unit vec-
tor in perpendicular direction and s = {s,55,53} and
t = {t;,t,,t3} denote unit vectors parallel to the inte-

gration plane.

. -1
p=(c)” =(ZPT,~Cf-Tf-WJ

i=1

(12)

Finally, weighted summation over all integration planes,
according to the employed integration rule, results in
the complete elastic stiffness matrix of the investigated

material.

3.6 Global stiffness matrix

The global stiffness matrix obtained from the equations
presented before, accounts for stress induced anisotropy
of the material. As the compliances on the integration
planes depend on the local stress state o, and T within
the proposed contact model, only isotropic stress con-
ditions result in an isotropic stiffness matrix on global
level. When any deviatoric stress is applied, the local
compliance matrices will vary over the different inte-
gration planes and the global result can be illustrated
in terms of the generalised Hook’s law depending on

nine independent parameters.
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L _ v}’x Vax 0 0 0
E XX E »w E zz
e L Yy g
E, E W E..
= T S
C¢ = xx E yy E zz
0 0 _ 0 0
G,y
0 0 0 0 GL 0
vz
0 0 0 0 0 GL
L zx

(13)

Here E,, Eyy and E, are Young’s moduli in the direc-
tions of the X, y and z axes, G,y, Gy, and G, are the
shear moduli for planes parallel to the co-ordinate
planes and vyy, Yy, Vyx, Vyzs Vox @Nd v,y are Poisson’s
ratios. From the symmetry of the resulting compliance
matrix, it follows that v, /E,, = v, /Eyy, v /Ex =
VoxlEyz and vy, /Eyy = v,/E,.

4 MICROMECHANICS BASED CONTACT
MODEL

The non-linear elastic Hertz-Mindlin contact model
can be employed to characterize the contact between
elastic perfectly rounded and smooth-surface spheres.
In such cases where the Hertzian theory is applicable, it
predicts a plane, circular contact surface of radius a.

3=V ) v
ap = ngm “TVrain * fn (14)

grain

Points outside the deformed zone move together by
two times the distance wy (Equ. 15) during the deform-
ation of two spheres, which can be expressed in terms
of size and stiffness of the spherical particle and the
applied force. Figure 4 shows the deformation w, and
the radius of the contact zone ay of two grains due to
the applied normal force f,.

wy = 2.[3-fn '(I—Vg,-ain)‘|2/3 _ 2_002

8-G 2 (12)

.. . Vi
grain 7 grain grain

Hence the contact stiffness in perpendicular direction
to the contact surface follows from Equation 15 and
Equation 16 (Mindlin & Deresiewicz, 1953).



r

grain

X-2:w,

Figure 4. Deformation of two grains in contact according
to the classical Hertzian contact theory.
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normal contact force f, [kN]
Figure 5. Normal stiffness K, vs. normal force f,, in one
contact.
Table 2. Input parameters for medium sand.
Parameter Value Unit
Ggrain 15/30/45 [GPa]
Vgrain 0.2 [-]
Tgrain 0.25 [mm]
Pgrain 35 1
0 - 3.7 .G, .2 "
Kn :[ a}v()] _ grain gra;n ‘fn (16)
n (l_vgruin)

The relationship between K, and f, (Equ. 16) is
shown in Figure 5 for the set of parameters listed in
Table 2 which correspond to average values of
medium sand. Furthermore, the influence of the grain
stiffness G,y 0N the contact stiffness K, is shown in
Figure 5.

The tangential component of the contact stiffness
formulated by Bowden & Tabor (1964) and Johnson

(1985) is
K =2-(1—Vgraiﬂ). 1- f; l/S.K (17)
! (2 = Vrain ) fn -lan (pgmin !
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Figure 6. Bulk modulus K on global level vs. mean effect-
ive stress p” from isotropic compression.

In general, there is no explicit description for K, and
K obtained from the Hertz-Mindlin contact model
since they are functions of f, and f;, which vary with
the local stress state on each particular integration
plane. On the basis of an isotropic fabric assembly
under isotropic stress conditions on global level, a
comparison of different results obtained with the Hertz-
Mindlin contact model is presented in Figure 6. Inde-
pendent of the employed approach an isotropic stress
state on global level results in normal contact forces
of the same magnitude and the tangential component
equals to zero in all contacts between soil grains. The
bulk modulus K plotted over the mean effective stress
p’ in Figure 6 is defined as the ratio between the
hydrostatic pressure and the volumetric strain.

E  2:G-(1+v)

=29 " 5 0-2v)

(18)

For the four isotropic compression tests on the same
material with varying co-ordination number/void ratio
(Fig. 6), the results from the multilaminate model and
the closed-form solution (Equ. 19) proposed by
Yimsiri & Soga (2000) show the same results.

{ (

In Equation 19, r, G and v represent the radius, shear
modulus and Poisson’s ratio of the particles.

The exponent, which mainly influences the stress
dependency of the stiffness, is a constant value of 1/3
when the Hertz-Mindlin contact model is applied but
variation with the grain size is observed in most experi-
mental investigations. Except for this difference, the

13
NJZ} 13
—_— . GC

v
(19)

1047
" (10-7-v)

4.G*-(1-v)
3

G




described approach performs reasonably well. Reasons
for this deviation are believed to be associated with the
ideal contact conditions assumed for the Hertz-Mindlin
contact model. Working with real soil materials, the
requirement of perfectly rounded and smooth-surface
particles will not be satisfied and therefore an extended
contact model to account for the roughness of the
sphere surface has to be introduced to obtain more
realistic results.

5 DEGRADATION OF STIFFNESS

Numerous stiffness degradation curves from laboratory
tests, describing the material behaviour at small-strain
level during shearing can be found in literature. Plotting
the shear modulus against the shear strains (logarithmic
scale) results in a S-shaped curve, which can be simu-
lated by various functions (Jardine 1986, Santos &
Correia 2001). Soga, Nakagawa & Mitchell (1995)
presented test results on different materials and gave
an empirical expression (Equ. 20) to find a satisfactory
stiffness degradation curve with a small number of
additional parameters.

K, 1
K - 1 bdm
n,max + Ageg " i

n

(20)

ageg aNd byeq are material constants that control the
shape of the normalised degradation curve. As ag
decreases, the strain level at which the stiffness begins
to degrade increases while the normalised degradation
curve gets less steep when by, decreases.

Within the Multilaminate Model for Soil employ-
ing the Hertz-Mindlin contact model, the reduction of
stiffness is governed by the change of the accumulated
shear strain -y; on each contact plane. Particularly, the
contact stiffness K,, and K; decay during shearing and
influence the global stiffness degradation curve plotted
in Figure 7.

K 1

= .
Kn,max 1+ Ageg * Vi et

n

(21)

Hence, the two parameters, ageq and byeg, affect the
stiffness degradation curve in the same way as proposed
by Soga et al. (1995) but their magnitude changes if
used on integration plane level.

6 NUMERICAL SIMULATIONS OF
ELEMENT TESTS

In this section, numerical simulations of drained tri-
axial compression tests with isotropic initial conditions
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Figure 7. Typical plot of the global stiffness degradation at
small-strain level.
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Figure 8. Stress-strain curves from triaxial compression
tests.

are discussed. To analyse these element tests with dif-
ferent parameter combinations, the MMS with all its
extensions was implemented into a simple integration-
point program, whereas the programming structure of
the model allows a direct combination with the finite
element code Plaxis V8 via the user-defined soil model
interface.

Figure 8 shows a comparison of results obtained
from simulations with the Hertz-Mindlin contact model
and different values for Gg,i,. Additionally, the result
from an analysis with the basic version of the MMS,
where no approach for the consideration of small-strain
stiffness effects is implemented, is depicted in Figure 8.

Due to the pronounced differences of the stiffness at
small-strain level, the stress-strain curves in Figure 8
show distinct variations in this range. Particularly at
the beginning of the loading phase and the unloading
and reloading paths, areas where the stiffness is close
to its maximum, the effects of the new approach can
be clearly seen.
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fine-grained soils with different degrees of overconsolidation
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ABSTRACT:

Incorporation of void ratio as a state variable into constitutive models allows, in principle, to

use a single set of material parameters for soils with different degrees of overconsolidation. p constant experi-
ments by Hattab and Hicher (2004) on soils with overconsolidation ratios (OCR) ranging from 1 to 50 are used
for evaluation of three constitutive models of different complexity. It is demonstrated by means of a scalar error
measure and stress-strain diagrams that at least two sets of parameters for different OCR intervals should be
used. Further, advanced models perform significantly better than the Modified Cam clay model and a hypoplas-
tic model for clays leads to better predictions than elasto-plastic three surface kinematic hardening model.

1 INTRODUCTION

It has been recognised since the development of crit-
ical state soil mechanics in 1960s that realistic consti-
tutive models should consider void ratio e as a state
variable. This approach, in theory, allows to use a sin-
gle set of material parameters to predict the behaviour
of soils with a broad range of overconsolidation ratios
and thus simplifies practical application of constitu-
tive models. As a matter of fact, however, qualita-
tively correct predictions of behaviour of soils with
different OCRs based on a single set of material
parameters do not necessarily imply satisfactory per-
formance from the quantitative point of view. An
engineer aiming to apply the constitutive model for
solution of practical geotechnical problems should be
aware of the range of OCRs for which a single set of
material parameters may be used and design an
experimental program accordingly.

In the present paper, performance of three consti-
tutive models of different complexity is evaluated on
the basis of triaxial tests by Hattab and Hicher (2004).
Reconstituted kaolin clay was isotropically consoli-
dated up to p,,,r = 1000kPa and swelled to a mean
effective stress p = p,,./OCR, with overconsolidation
ratios ranging from 1 to 50. From this state a shear
phase with constant mean stress p followed up to failure.

2 CONSTITUTIVE MODELS

Modified Cam clay model (CC) has been chosen
as a reference for comparison with two advanced
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constitutive models based on different mathematical
backgrounds, namely the three surface kinematic hard-
ening model (3SKH), and a hypoplastic model for
clays (HC).

Modified Cam clay model (Roscoe and Burland
1968) is a basic critical state soil mechanics model. In
this work a version which complies with Butterfield’s
(1979) compression law is used, thus the isotropic vir-
gin compression line reads

In(1+¢) = N = A In(p/p,) (1)

with parameters N and A* and a reference stress
p, = 1kPa. Slope of the isotropic unloading line is
controlled by the parameter «*, constant shear modu-
lus G is assumed inside the yield surface and the crit-
ical state stress ratio is characterised by parameter M.

The 3SKH model (Stallebrass and Taylor 1997) is
an advanced example of the kinematic hardening
plasticity models for soils. The model, which may be
seen as an evolution of the CC model, is characterised
by two kinematic surfaces in the stress space (see
Fig. 1), which determine the extent of the elastic
behaviour (yield surface) and the influence of the recent
stress history (history surface).

Parameters N, A*, k* and M have the same mean-
ing as in the CC model, the shear modulus inside the
elastic range G is calculated from

(
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Figure 1. Characteristic surfaces of the 3SKH model, from

Masin et al. (2006).

with parameters 4, n and m. Parameters 7 and S char-
acterise relative sizes of kinematic surfaces (Fig. 1).
The last parameter i controls the rate of decay of both
bulk and shear moduli for states at the yield surface,
inside bounding surface (Fig. 1).

A hypoplastic constitutive model for clays was
proposed by Masin (2005) and investigated further
by Masin and Herle (2005). It combines the mathe-
matical formulation of hypoplastic models (e.g.,
Kolymbas 1991) with the basic principles of the CC
model. The rate formulation is governed by a single
nonlinear equation
o = fL: e+ ffaN|€ 3
with constitutive tensors L and N and scalar factors f;
and f, no switch function is introduced to distinguish
between loading and unloading and strains are not
sub-divided into elastic and plastic parts as in elasto-
plasticity.

The model requires five parameters with a similar
physical interpretation as parameters of the CC model.
N and A* are coefficients in the Butterfield’s (1979)
compression law (1), k* controls the slope of the
isotropic unloading line in the In(1 + e) vs. In(p/p,)
space, ¢, is the critical state friction angle. The last
parameter » determines the shear modulus. Due to
non-linear character of Eq. (3), the parameter r is usu-
ally calibrated by means of a parametric study, simi-
larly to the parameter ¢ of the 3SKH model.

3 SCALAR ERROR MEASURE

A scalar error measure has been introduced in order
to asses model performance in the pre-failure regime
and in order to eliminate a high amount of subjectiv-
ity of model calibration.
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Figure 2. Numerical values of err for experiments and
simulations that differ only in incremental stiffnesses (left)
and strain path directions (right).

The suitable error measure should reflect differ-
ences in both predicted and observed stiffnesses and
strain path directions. As experiments and simulations
are characterised by identical stress paths, simulation
error is measured in the strain space. Let the prefailure
part of the stress path be subdivided into L increments,
of length Ag = ¢,,../L. Then, following Masin et al.
(2006), the simulation error can be defined as

L
k k
Z HAeiu)n - AEEMZ)
k=1

where Ael®), and Ael), are the measured and pre-
dicted strain increment tensors, respectively, corres-
ponding to the k-th stress increment of size Ag.

In order to demonstrate the meaning of the numerical
value of err, it is plotted for two special cases in Fig. 2.
First, experiment and simulation with identical strain
path directions and different incremental stiffnesses
(measured by their ratio & = || Ae®,_|/||Ae®,, || from
4),1.e. a = G/Gey = Ki/Koyy, where G and K are
shear and bulk moduli respectively) are considered. In
the second case experiment and simulation are charac-
terised by identical incremental stiffnesses (o = 1), but
different directions of the strain paths measured by
the angle ¢, in the Rendulic plane of € (g, vs. \2e,,
where €, and €, are axial and radial strains respectively).
Investigation of (4) reveals that err = |1 — l/a] for
the first case and err = |2 sin(Ay/2)| for the second
one (Wlth Aws = We gim — € exp)-

Calculation of err is complicated by the scatter in
experimental data, in particular for low p (high OCR).
For calculating of err the data were approximated by
polynomial functions of the form

err(OCR, ¢maz) = @)

{,‘:1 HAeg}L

€ = asq" + coq™ +esq” .. )
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Figure 3. Approximation of experimental data for OCR = 10
by a polynomial function.

and

€y = avqbv + Cﬂqd” + evl}f” oo (6)
with coefficients ay, by, ¢, d, e, f; ... and a,, b,, ¢,, d,,
e,, f, .... In this way a good fit of experimental data
was achieved, as demonstrated in Fig. 3 for an experi-
ment with OCR = 10.

In the present work, for all simulations g,,,,, from (4)
is chosen such that g,,,c = 0.7, Where ey is the
peak deviator stress achieved in the particular exper-
iment. L in (4) is high enough so it does not influence
calculated err (typically L = 100 was used).

4 CALIBRATION

The parameters of the studied constitutive models can
be roughly split into two groups. In one group are
parameters with a clear physical meaning, which are
calibrated by standardized calibration procedures. On
the other hand, parameters from the second group are
less clearly defined and their calibration is more sub-
jective. These parameters are usually found by means
of parametric studies.

4.1  The first group of parameters

In the present work, parameters from the first group
were calibrated only once and their values were kept
constant for all simulations.

To this group belong parameters N, A* and k*,
which were found by evaluation of an isotropic load-
ing and unloading test, as demonstrated for the CC
model in Fig. 4. Note that the numerical values of the
parameter x* (Tab. 1) differ for the three constitutive
models. In the 3SKH model «* specifies a bulk stiff-
ness in the small strain range and it was calculated
from an assumed Poisson ratio (accurate volumetric
measurements in the small strain range were not
available). In the HC model the slope of the isotropic
unloading line is for higher OCRs influenced also by
the non-linear character of the hypoplastic equation.
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Figure 4. Calibration of parameters N, A* and «* of the
CC model.

Table 1. Material parameters.
M, ¢, A* K* N
CcC 1.1 0.065 0.0175 0918
HC 27.5° 0.065  0.01 0.918
3SKH 1.1 0.065  0.0034 0918
A N M T S
3SKH 1964 0.65 0.2 0.25 0.08
G, r, f (OCR1) G, r, 1 (OCR10)
CcC 7330kPa 2210kPa
HC 1.43 0.67
3SKH 23 2.53

For this reason «* of the HC model could be con-
sidered to belong to the second group of parameters.
However, as it has only minor effect on predictions of
constant p experiments (which are in scope of this
study), its value was kept constant for all simulations.
An approximate average value of the critical state
friction angle from all shear experiments available
was used to calculate the parameter M (¢,.).

The 3SKH model requires five further parameters
that control the behaviour in the small strain range and
the influence of the recent history (4, n, m, T and S).
Data by Hattab and Hicher (2004) do not contain experi-
ments required for their calibration. However, as sim-
ilar soil (Speswhite kaolin) was used by Stallebrass
and Taylor (1997), the additional parameters of the
3SKH model were taken over from their work.

4.2  The second group of parameters

These parameters, namely G (CC), » (HC) and ¢
(3SKH), influence significantly results of constant
p experiments in the pre-failure regime and their



calibration is to some extent subjective. In order to
eliminate this subjectivity, these parameters were found
by minimizing the scalar error measure err defined in
Sec. 3. This procedure was applied on constant p
experiments at OCR = 1 and OCR = 10, so two sets
of material parameters (optimised for OCR = 1 and
OCR = 10) were obtained (Tab. 1).

Calibration of parameters from the second group is
in the following demonstrated by means of calibra-
tion of ¢ using an experiment at OCR = 10.

Relation of err with respect to the value of i is
shown in Fig. 5. The curve has a clear minimum that
corresponds to ¢ = 2.53. This optimised value of i,
together with two different values, were used for simu-
lation of the experiment at OCR = 10 (Fig. 6). In the
pre-failure regime the value of ¢ found by optimisa-
tion with respect to err corresponds quite well to the
value that could have been chosen by means of a sub-
jective trial-and-error calibration procedure.

Parameters » and G were found using the same pro-
cedure as outlined above, a clear minimum of err was
obtained in all cases. The only difference was in the
calibration of ¢y for OCR = 1, as the stress state of the
3SKH model is on the bounding surface and therefore

1.6
141

y=2.53 for OCR=10

1.2+

err

1t
0.8
0.6

0.4
1 3.5

Figure 5. Calibration of ¢ by means of minimalisation of
err for experiment at OCR = 10.
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Figure 6. Predictions of the test OCR = 10 by the 3SKH
model with err-optimised (y = 2.53) and two different val-
ues of .
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¢ does not influence model predictions. In this case ¢
was found by trial-and-error by simulation of the
isotropic unloading test from Fig. 4.

5 PERFORMANCE OF THE MODELS

The two sets of parameters found in Sec. 4 were used
in simulating experiments at the whole range of
OCRs. The initial states of p’, g and e measured in the
experiments were used in the simulations. In addition,
the 3SKH model requires to specify the initial pos-
itions of kinematic surfaces. These were aligned to
reflect the stress history followed in the experiments
(Sec. 1).

The obtained scalar error measure err is plotted
with respect to OCR in Fig. 7. From this figure it
appears that studied elasto-plastic and hypoplastic
models have different ranges of validity of different
sets of material parameters:

1. Hypoplastic (HC) model performs for higher
OCRs less correctly than other two models when
calibrated using data for OCR = 1. However, when
calibrated at higher OCR, it produces the best pre-
dictions out of all tested models for the entire range
of OCRs, with more-or- less constant value of err.

1.75 Parameters for OCR 1
15F

5125¢

0.75

05}

1.75

1.5}

125}

Parameters for OCR 10

err
-

0.75 1

05+

0.25

50

Figure 7. err for parameters optimised for OCR = 1 (top)
and OCR = 10 (bottom).



. Elasto-plastic (CC and 3SKH) models calibrated
at OCR = 10 perform relatively correctly up to
OCR = 4. For lower OCRs parameters for normally
consolidated state lead to better predictions, but in
the case of 3SKH still worst than predictions by
hypoplasticity.

By definition, the value of err characterises model
predictions in the pre-failure regime only. In order to
evaluate predictions at failure, observed and pre-
dicted peak friction angles. ¢, were plotted with
respect to OCR. The results were similar for both sets
of parameters, Fig. 8 shows them for parameters opti-
mised for OCR = 10. HC and 3SKH models predict
peak friction angles relatively accurately (HC is more
accurate for OCR < 10, 3SKH for OCR = 20). CC
model overestimates significantly ¢, for all states
with OCR > 2. This is a well-known shortcoming of
the CC model, caused by the elliptical shape of the
yield surface.

While err gives a convenient quantitative measure
of the model performance, it does not specify the source
of the prediction error. For qualitative comparison,
the stress paths normalised by the Hvorslev equiva-
lent pressure p% are plotted for OCR = 10 optimised
parameters in Fig. 9. Overprediction of ¢, by the CC
model is clear, the shape of the normalised stress
paths is predicted relatively correctly by both HC and
3SKH models. All models, however, overestimate
dilation. Normalised stress paths of all models head
towards a unique critical state point, which has not
been reached in the experiments at higher OCRs (Fig. 9
top). A possible reason may be in localisation of
deformation in shear bands at higher OCRs.

q vs. € graphs for OCR = 10 optimised param-
eters are shown in Fig. 10, It is clear that higher errors
for low OCRs of elasto-plastic models, reflected in
Fig. 7, are caused by the underestimation of the shear
stiffness in the case of CC and overestimation of the
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Figure 8. Peak friction angles ¢, predicted by the models
with parameters optimised for OCR = 10.
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shear stiffness in the case of 3SKH (with the excep-
tion of OCR = 1). Low prediction errors by the HC
model (Fig. 7) are reflected also in qualitatively cor-
rect performance shown in Fig. 10. Volumetric changes
shown in Fig. 11 reveal a general trend of overesti-
mation of dilation for higher OCRs, as already dis-
cussed in the previous paragraph. The shape of €, vs.
€, curves is best predicted by the HC model. For high
OCRs the 3SKH model predicts dilatant behaviour
immediately after the start of the shear phase, which
has not been observed in the experiments. On the
other hand, hypoplasticity overestimates the initial
contraction for medium OCRs.

experiment

0.6

0.4}

a/pe

0.2}

06 08

p/pé

02 04

—_

Figure 9. Stress paths normalised by p% for OCR = 10
optimised parameters.
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Figure 10. g vs. € graphs for OCR = 10 optimised
parameters.

6 CONCLUDING REMARKS

Results of this study must be seen as preliminary, as
only one set of experimental data on one particular
soil was investigated. Presented results however show
that at least two sets of material parameters should be
considered for both hypoplastic and elasto-plastic
models. It appears that the HC model requires a dif-
ferent set of material parameters only for normally
consolidated soil, a single set of parameters, which
leads to accurate predictions for a broad range of
OCRys, is sufficient for OCR > 1. Two sets of param-
eters should also be used for studied elasto-plastic
models, with the approximate limiting OCR = 4.
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parameters.

€, vs. € graphs for OCR = 10 optimised

It is perhaps not surprising that the two advanced
models performed significantly better than the CC
model in predicting the non-linear behaviour in the
pre-failure regime and correctly estimating the peak
friction angles for high OCRs. For higher OCRs the
HC model leads to better predictions than the 3SKH,
both from the point of view of the scalar error meas-
ure err and a qualitative performance expressed by
the stress-strain diagrams. Also, the 3SKH model can
not be effectively calibrated to predict correctly the
behaviour of soils in normally consolidated state.
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ABSTRACT:

In this paper, we have extended the elasto-plastic model for granular materials with microstruc-

tural consideration (Chang and Hicher, 2004), to model the behavior of clays. The clay microstructure is
assumed to be made of platelet aggregates which can’t be destroyed during loading. The deformation is com-
puted by integrating displacement at the particle contacts in all orientations. The behavior of aggregate contacts
is assumed to follow an elastic-plastic law. A Hertz-mindlin’s elastic law is used to the elastic behavior and two
yield surfaces reflect the plastic behavior. The predictions of the constitutive model are compared with experimen-
tal results for normally and over consolidated clay under one-dimensional consolidation, drained and undrained
triaxial test, which demonstrates that the model is able to reproduce the main features of clay behavior.

1 INTRODUCTION

Since the analysis of geotechnical problems requires
constitutive models that can describe the deformation
and strength of clay with reasonable accuracy, many
different classes of constitutive models have been devel-
oped to capture clay behavior. Most of the models are
based on macroscopic behavior, that is, they are often
based on experimental data from clay specimen without
considering their microstructure. However, these mod-
els can’t clearly reflect the inherent micro properties
of clays.

To obtain a constitutive model that can account for
the inherent micro properties of clays, some micro con-
stitutive models have been proposed. For example,
Batdorf and Bodianski (1949) developed the slip theory
of plasticity for polycrystalline materials based on
Taylor’s concept. Bazant et al. (1971, 1995) utilized the
micro slip theory to clays and concretes respectively.
For clay, Bazant assumed clay particles to be the soil
skeleton model and founded the micro creep model of
anistropic clay by finite element method. The relation-
ship between micro and macro is obtained by using the
rate theory. Although such model can describe the
behavior of clay, the choice of soil parameters is very
difficult. Fleck (1995) founded particle contact model
for metal powders through energy dissipation method
and Houlsby (1999) developed Fleck’s method for
clays. In addition, some authors developed microstruc-
tural models for granular materials. For instance, Chang
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and Hicher (2004) developed an elasto-plastic constitu-
tive model for granular material considering the mean
behavior of all contacts in each orientation and got sat-
isfactory results.

In this paper, we develop a micro elasto-plastic con-
stitutive model considering inter-particle forces and dis-
placements for soft clays based on the model developed
by Chang and Hicher. We consider two yield surfaces
to capture the behavior of clay on a contact plane. The
model is evaluated by comparing the predicted results
with experimental data for the normally consolidated
and over consolidated clay under one-dimensional
consolidation, drained and undrained triaxial loading
conditions test.

2 THEORY ANALYSIS

In this model, we extend the elasto-plastic model for
granular materials with microstructural consideration
(Chang and Hicher, 2004), to model the behavior of
clays considering clay microstructure. In order to get
a more reliable model, the following assumptions will
be made. Assumption: 1. the microstrucure is under-
stood as aggregates which may include a large number
of clay platelets; 2. the deformation consists in the con-
tact interface of one aggregate over the adjacent aggre-
gate; 3. the macroscopic stress-strain is equal to that
expressed in terms of microscopic force and displace-
ment through energy balance; 4. contact law between



two aggregates is assumed to follow a Hertz-Mindlin’s
elastic law and a plastic law based on a Mohr-Coulomb
law.

2.1  Elastic part

The soil is considered as equal-sized aggregate, a con-
tact plane between two aggregates is defined by the
vector perpendicular to this plane. The elastic stiff-
ness tensor is defined by:
f;(l - k:eé‘]ae (1)
ki can be related to normal stiffness k; and shear
stiffness £%:

ki

=k, n'nl +k!(s]'s] +11]) 2
where n, s, t are three orthogonal unit vectors that
form the local coordinate system. The vector # is out-
ward normal to the contact plane. Vectors s and ¢ are
on the contact plane.

The value of the stiffness for two elastic spheres can

be estimated from Hertz-Mindlin’s formulation (1969).

— fn n

kn - kuO(Ggl: ) (3)
— f;7 n

kr _kto(Gglz) (4)

In equation (3) and (4), f, is the contact force in normal
direction. k,, k) and n are material constants. G, is
the elastic modulus of the clay aggregates. The branch
length is equal to the aggregate size / = d, while we
take n = 0.5 in the following simulations.

2.2 Plastic part

The elastic sliding behavior of two aggregates complies
to a non-associated flow form, however the plastic slid-
ing behavior often occurs along the tangential direction
of the contact plane with an upward and downward

Figure 1. Local coordinate at inter-particle contact.
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movement (associated flow form), then the shear dila-
tion/contraction takes place. The dilation or contraction
behavior can be described by

ds’
dA?

= ﬁ(%—tan %) 5)

when dé, > 0, it means contraction behavior of clay
otherwise dilation behavior of clay. Here, we assumed
that B is equal to 1, and & is a material constant which
can be considered equal to the internal friction angle
of clay ¢, in most cases. The shear force T and the
rate of plastic sliding dA” can be defined as

T=\f+f
dA? = |(d87) +(d6? )

2.3 Yielding function

(6)

(N

Here two yield surfaces will reflect the clay behavior.
one yield function is assumed to be of Mohr-Coulomb

type:

F(f,k) =T~ 1,k (A") ®)

F; > 0 means loading, while F; < 0 means unload-
ing. k;(A”) is an isotropic hardening or softening
parameter which can be defined as

G,.tan(g,)A”

f,|tan(g,)+G,.A7

)

G, represents the ratio between the elastic modulus
and the plastic modulus.

The value of G, is usually constant for a given soil
and its value can be obtained by one-dimensional
consolidation test. The peak friction angle ¢, can be
defined as:

tang, = (%C)’" tan @, (10)

¢, means the internal friction angle which is constant
for the given material. m is a material constant; the
critical void ratio e, is a function of the mean effective
stress. The relationship can be written as follows:

e

c

.~ Alog(-) (1n
p ref

p’ is the mean effective stress of the packing, (e

Prep) 18 a reference point on the critical state line.



In order to more accurately describe the behavior
of the clay, another yield surface is added. The second
yield function is assumed to be as follows:
F,=0-k (12)
k; is another hardening parameter which can be
written as:

by = P, 107 (13)
Where c, is the swelling coefficient in the e-logP’
coordinate system.

2.4 Macro-micro relationship

Here we use the method developed in the elasto-
plastic model for granular materials (Chang and Hicher,
2004) to obtain the relationship between microscopic
and macroscopic level by energy balance method. The
relationship between the macro strain and the inter-
aggregate displacement can be written as:

N
_ 41 aja
u/,,,. _Aik E djlk

a=1

(14)

The relation between macro stress and mean force on
the contact plane can be represented through energy
balance as follows:
f,u :d-[fA[;]llilv (15)
The detailed explanations can be founded in Chang and
Hicher (2004).

2.5 Summary of parameters
One can summarize the material parameters as:

1 Normalized contact number per unit volume: NI/V,
in the following analysis, we assume the value of
NP/V to be 34;

Mean aggregate size, d;

Aggregate elastic constants: k,, k;y and n;
Aggregate friction angle: ¢, and m;

Aggregate hardening rule: G, and ¢,;

Critical state for the packing: A, ¢, , e,,rand p,.p.

AN W

3 EVALUATION OF THE DERIVED MODEL
The capabilities of the proposed model are investigated
by comparing its predictions with the results of a series
of laboratory tests on clays under one-dimensional con-
solidation, drained or undrained triaxial test during
loading conditions.
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3.1 CID tests on normally consolidated clay

Two drained triaxial tests on normally consolidated clay
had been reported and analyzed by Biarez and Hicher
(1994). Both of the tests were performed at two
isotropic compression 0.6 MPa and 0.8 MPa respec-
tively. The model needs a number of input parameters,
which include micro and macro parameters. The micro
parameters contain mean aggregate size and aggregate
stiffness. According to experience, we might assume
that the mean aggregate size d is 0.1 mm, the initial
aggregate stiffness £, is 50 N/mm, and the value of
ki/k,o 13 0.35. The macro parameters, which can be
determined from experimental curve or critical state
in the e-logP’ curve, are presented in Table 1.

As shown in Figure 2, both stress-strain relations and
void ratio changes are in good agreement between
experimental curves and predicted curves. When ¢; is
reaching to 20%, the stress as well as the volume
change becomes constant corresponding to the obten-
tion of the critical state.

3.2 CID tests on over consolidated clay

Tests on overconsolidated Kaolinite clay had been
undertaken by Zervoyannis and Bard, analyzed and
reported by Biarez and Hicher(1994). The tests begin
with an isotropic consolidation up to the preconsolida-
tion pressure equal to 0.8 MPa, then unloading 0.4 MPa,
0.2 MPa and 0.1 MPa respectively. The corresponding
over consolidation ratio P’;/P’; (O.C.R.) is equal to 2,
4 and 8 respectively. We assume that the mean particle
size d is 0.1 mm, the initial inter aggregate stiffness
ko 1s 35 N/mm, and the value of k;/k,q is 0.4. Other
parameters are presented in Table 2.

Figure 3 shows the comparison between experiment
data and predicted results with different over consolida-
tion ratios. It can be seen that the model is able to pre-
dict satisfactorily the stress-strain behavior (Figure3a).
Based on Figure3b, when the value of the overconsol-
idation ratio is small, the void ratio is decreasing, the
material is contractive; while when the value of over
consolidation ratio is higher than 2, the void ratio is first
decreasing and then increasing, that is to say, the mate-
rial is contractive and then dilatant. In this case, the void
ratio has a peak value when g; is in the range 2% to 5%.
The reason causing above phenomenon is that over con-
solidated sample is contractive as long as the mobilized
friction angle is smaller than the internal friction angle
¢, and then dilatant up to failure.

Table 1. Model parameters for normally consolidated clay.
Cref Pret (MPa) A Pu (O) ‘PO(O) m Ce Gp
0.69 0.1 0.16 23 23 0.5 0.03 18
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Figure 2. Comparison of predicted results and experimental
results.
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Table 2. Model parameters for over consolidated clay.

Cref pref(MPa) A P (0) ®o (o) m C Gp

1.39 0.1 053 207 207 2 0.03 16

3.3  CUD tests on over consolidated clay

Undrained triaxial tests on saturated clay samples
were also computed. Experimented data were also
reported by Biarez and Hicher(1994). Three samples
were an isotropic compressed up to the preconsolidation
0.8 MPa, and then unload to 0.4 MPa and 0.067 MPa,
so that the over consolidation ratio P’;/P’; (O.C.R.) in
the three samples was equal to 1, 2 and 12 respectively.
We assume that the mean particle size d is 0.1 mm,
the initial inter aggregate stiffness £, is 50 N/mm, and
the ratio value of k,y/k;,,q is 0.35. Other parameters are
presented in Table 3.

As shown in Figure 4a, the numerical curves and
corresponding experiment curves are in good
agreement. From Figure 4b, we can see that for nor-
mally consolidated sample (O.C.R. = 1), there is a
contract decrease of the mean effective stress, which
corresponds to a contacted behavior, while as the over
consolidation ratio increases, clay will become dila-
tant leading to an increase of the mean effective
stress.

3.4 One- dimensional consolidated test

One-dimensional consolidated test had been per-
formed on Hangzhou clay (China). The experimental
data had been presented by G. X. Wang (2003, PhD
thesis). The depth of clay sample is about 13 m, while
from e-log’, curve, the value of the preconsolidation
pressure is about 142 KPa, which indicates that
Hangzhou clay is normally consolidated.

The one-dimensional consolidated test is simu-
lated by applying a vertical strain increasing while
keeping the horizontal strains equal to zero. We
assume that the mean particle size d is 0.1 mm, the
initial inter aggregate stiffness k,, is 50 N/mm, and
the ratio value of k,y/k,, is 0.432. Other parameters
are presented in Table 4.

From Figure 5, we can see that the numerical
curve is in good with the experimental data. As the
intact Hangzhou clay, it represents obvious structure,
and the new model can capture the character of
clay.
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Figure 3. Comparison of predicted and experimental results.
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Table3. Model parameters for clay subjected to undrained
triaxial test.

Cref Pref (MPa) A Pu (0) Po (0) m Ce Gp
0.79 0.1 0.17 23 23 5 003 16
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Figure 4. Comparison of predicted and experimental results.
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Table 4. Model parameters for Hangzhou clay.

Cref pref(MPa) A (Pu(o) Po (O) m  Ce Gp
1.08 0.1 0.13 325 325 2 002 25
e
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Figure 5. Comparison of predicted and experimental

oedemeter test.

4 SUMMARY AND CONCLUSION

In the model, a simple elastio-plastic behavior is
assumed on the contact plane. The elastic part is based
on Hertz-Mindlin’s contact formulation. As for the plas-
tic part, we use two yield surfaces to reflect the clay
behavior. One of the yield surfaces is based on the
Mohr-Coulomb friction law with an isotropic hardening
assumption and an associated flow rule; the other yield
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mechanism is based on the description of the consolida-
tion plastic strain. The ability of the model to reproduce
the main features of the clay behavior is demonstrated.
After comparing numerical simulations with experi-
mental data, the following conclusions can be drawn:

1 The micromechanics model can correctly predict the
behavior of normally consolidated and over consol-
idated clays under drained and undrained conditions.
In addition, the model can also reflect the contractive
or dilatant character of clays.

The model needs few material parameters that can
be derived from one-dimensional consolidated test
and conventional triaxial tests.
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A multilaminate model with destructuration
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ABSTRACT: A constitutive model for structured soils, which is based on the multilaminate framework, is
presented. The most important feature of the model is that since bonding, strength and preconsolidation pres-
sure are defined independently on sampling planes, this model is able to consider bonding and preconsolidation
induced anisotropy as well as strength anisotropy. It will be shown that in this model degradation of structure
(bonding) and development of preconsolidation pressure are direction dependent. In this study only volumetric
structure degradation is considered. To verify the capability of the model normal consolidation tests of two stiff
clays, namely Pietrafitta and Pappadai clays, will be simulated and evaluated against experimental data.

1 INTRODUCTION

“Destructuration” is defined as degradation of structure
by some mechanical, chemical or weathering effects,
Leroueil et al. (1979). In this study only mechanical
destructuration, namely degradation of structure with
volumetric deformation is considered. The behaviour
of natural soils depends on the initial structure of the
soil in its natural state. The term “structure” is
defined by Lambe & Whitman (1969), and Cotecchia
& Chandler (1997) as the combination of “fabric”,
the arrangement of the soil component particles, and
“bonding”, those interparticle forces which are not of

a purely frictional nature.

The effects of structure on the behaviour of soils
have been reported for almost all weak rocks (e.g.
Elliot & Brown, 1985) and soils, such as clays (sofft,
stiff or shales), granular soils, and deep-ocean sedi-
ments (e.g. Burland, 1990; Leroueil & Vaughan,
1990, Cotecchia & Chandler, 1997, 2000; Baudet &

Ho, 2004).

The initial state of the structure of a soil is called
“intact state”. In addition above definitions, Burland
(1990) defined the “reconstituted state”. A reconsti-
tuted clay is defined as one that has been thoroughly
mixed at a water content equal or greater than the liquid
limit (between Wy and 1.5 Wy ). Burland (1990) des-
ignated the term “intrinsic” to describe the properties
of reconstituted clays, because the properties are
inherent to the material and independent of its natural
state (Burland et al., 1996). In this study, following
the suggestion of Burland (1990), the intrinsic prop-
erties are denoted by an asterisk (*) attached to the

relevant symbol.
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Burland (1990, 1996), Leroueil & Vaughan (1990),
and Cotecchia & Chandler (1997, 2000) have studied
compressibility and shear strength of some natural
soils. It is seen from their work that structure of nat-
ural soils collapses during volumetric or shear deform-
ations, thus the level of structure of a natural soil is
decreased, and approaches the structure level of the
reconstituted one. Changes of structure level depend
on applied stress level (e.g. Amorosi & Rampello,
1998), thus in order to do a thorough study on a nat-
ural soil, this soil should be considered in a wide
range of stress.

Some effects of structuring of natural soils can be
summarized as follows:

1. The preconsolidation pressures of natural soils
which are obtained from one-dimensional com-
pression tests may be higher than the preconsolida-
tion pressures of destructured soils (Burland, 1990,
1996; Leroueil & Vaughan, 1990).

2. The preconsolidation pressure and the limit state
curve are affected by the stress history, distribution
of contacts between particles, void ratio and
strength of bonds between particles. The peak
strength envelope of intact soil is above the envel-
ope of destructured soil (Saihi et al., 2002,
Burland, 1996).

3. The critical state of structured soils is inside the
limit state curve while it coincides with limit state
curves for non-structured soils (Saihi et al., 2002,
Burland, 1996; Cotecchia & Chandler, 1997). The
limit state shows strength of bonds while in the large
deformation state (critical state) most of the bonds
are broken.



Many constitutive models have been developed to
describe the behaviour of soils, but most of the ones
which are widely used in geotechnical engineering
are not able to consider the behaviour of natural soils.
In such models the effects of structure and bonding
are neglected. However, some models have been devel-
oped recently to consider effects of destructuration
(e.g. Rouainia & Muir Wood, 2000, Kavvadas &
Amorosi, 2000, Koskinen et al., 2002, Liu & Carter,
2002, Nova et al., 2003, Baudet & Stallebrass, 2004,
Cudny & Vermeer, 2004, Liyanapathirana et al.,
2005), but none of them consider both destructuration
and strength anisotropy together. In this study it is
tried to show how destructuration can be considered
together with inherent anisotropy within the multil-
aminate framework.

Yield of structure is demonstrated by an irre-
versible post-yield change in the stiffness and
strength of the material, Leroueil & Vaughan (1990).
Leroueil & Vaughan (1990) defined three different
kind of yielding in structure, namely yield in com-
pression, in shear and in swelling. It should be noted
that in this study only yielding in compression and in
tension is considered.

2 MODEL FORMULATION

2.1 Multilaminate framework

In this section the formulation of the multilaminate
model, which has been developed and implemented
into PLAXIS (Brinkgreve, 2002) by Wiltafsky (2003)
via the user-defined soil model option, is briefly sum-
marized before the enhancements made to incorp-
orate destructuration are discussed.

In this model in each stress point, 66 (2 X 33)
planes, so-called sampling or contact planes, which
are distributed on a sphere at various directions, are
assumed. The yield surfaces are defined on each plane
independently, thus, during loading, these yield sur-
faces are changed. Therefore this model is able to con-
sider induced anisotropy intrinsically even for initially
isotropic soils. Only plastic strains €” are calculated on
sampling planes (micro-level), elastic strains €® are
calculated on global (macro-level). In order to calcu-
late the global deformation of a soil element, numer-
ical integration over all contact planes is performed.

2.1.1 Yield surface and hardening law

The model developed by Wiltafsky (2003) includes
both deviatoric and volumetric hardening. The yield
surface of the model on each sampling plane consists
of three parts f, f. and f;, where compressive stresses
are assumed negative. The yield surface f(Eq. 1) is an
extended Mohr-Coulomb criterion by introducing the
mobilized friction angle ¢ ,,,.
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by, &' and @', are initial, ultimate and modified
effective friction angles respectively. tan(¢b’,,,4) is equal
to tan(¢p")/Ry (failure ratio) and A is a parameter that
governs the rate of deviatoric hardening. Mobilization
of friction angle is controlled by plastic shear strains
€’y cone- The second part of the yield surface is
described by the function £, (Eq. 2a), in which ¢”,. is the
normal preconsolidation stress on the sampling plane
calculated from Eq. 2b, and M,, governs the shape of
the cap. The third part of the yield surface f; is a ten-
sion cut-off criterion (Eq. 3).
A" and k" are related to the compression and swelling
index respectively.

.2 5
T S— (2a)
o-nc (Ma.o'nc)/
G =0, e e K =T (2b)
=0, y
fi=0,-0,=0 ©)

2.1.2  Plastic flow

In this model, a non-associated flow rule is assumed
for fand an associated flow rule for £, and f,. The plas-
tic potential function of the deviatoric yield surface is
defined by

, * (tang,
g=r+0n.tam//m—7(p'"= 4)
tan @'
Where
L R
oA sing, —sing,, | sing,
siny = 7 sing ng
—sing,.sing,, )\ sin
. ' m. c (5)
sing, = smf¢ —’sn.u//
1-sing .siny

This formulation corresponds to the stress dilatancy
theory proposed by Rowe (1972) and modified by
Sereide et al. (2002).

3 DEGRADATION OF STRUCTURE

In order to model degradation of structure, the yield
surface (or bounding surface) is considered larger



than the yield surface (or bounding surface) of the cor- 12
responding reconstituted soil. This surface becomes
smaller by increasing the plastic strain so that after a 10 b0=10, h0=0, hv=1
large plastic strain the two surfaces coincide. 8 ——b0=10, h0=0, hv=5
From experimental tests it is evident that both volu- £ T00=10,10=0, hv=10
metric and shear strains have influence on destruc- 2 6 el LU
turation, because destructuration occurs in both s
compression and shearing. However, it is difficult to ¢
separate the influence of these two strains. In this B
study plastic volumetric and shear strains are assu- \
med to contribute to destructuration and the relative 0
0 0.5 1 15 2 25 3 35 4 45 5 55 6

contribution is defined by a parameter that will be
introduced later. Similar assumptions have been made
by Kavvadas & Amorosi (2000), Koskinen et al.
(2002), Gens & Nova (1993), and Rouainia & Muir
Wood (2000). The damage strain €, on each sampling
plane is defined as:

Damage strain( d)

Figure 1. Representation of Eq. 10 with different rate of
destructuration (h,).

where b; is the initial bonding on each sampling plane
(at gross yield), and b, is the ultimate value of bond-
& = (1 -4, )5 ) T A.E] (6)  ing (damage strain of infinity) on the representative

sampling plane. /4, and 4, are two parameters to deter-
Where €, and €,P are the summation of absolute val- mine the rate of decrease of bonding due to normal
ues of all plastic strains on each sampling plane as  stresses. By increasing the damage strain the bonding

follows: is decreased because of exponential function that is
used in the formula. Figure 1 plots equation 10 for a
gl =ler., |+ ‘ e |+ } 5,7,,()".\1 %) metastable structure (b,;, = 0) for different values of

by, hy and h,,. Tt should be noted that b, is defined as
o ) the mean value of initial bonding, and has the value of
b; in the case of isotropic soils.

y.tens

P o_|gp
& = ‘g‘/,t'up +

+‘g”

7 .cone

In equations 7 and 8 it is assumed that the plastic
strains obtained from the cone, cap, and tension parts 4 DESTRUCTURATION LAW
have the same influence on the degradation. 4, is a ) )
non-dimensional scaling parameter to control relative The Y}eld s'urfau? Of the model on FaCh sar*nplmg
proportion of distortional and volumetric destructura- plane is depicted in F_lgul_re 2. In this figure o ne and
tion. It can be seen that for 4, = 0 the destructuration @ nc are the preconsolidation pressure of reconstituted
is entirely volumetric, whilst for 4; = 1 the destruc- ~ and structured soil, respectively. As mentioned
turation is entirely distortional. before, by increasing bonding or structure the precon-
Normalized decrement of bonding with respect to solidation pressure increasgs. Therefoye the ratio of
initial bonding, which is assumed to be the bonding at  these two stresses is a function of bonding, thus:
gross yield (the point of starting destructuration, which .
is defined as a point where the stress-strain behaviour of ~ Zne _ f(b) (11)
the soil changes significantly), should be related to the o,
increment of damage strain. The increase of the dam-
age strain decreases the degree of structure. This can
be expressed as follows:

where f(b) is a decreasing function with an ultimate

value (at damage strain of infinity or when the amount

of bonding is zero) of one (for metastable structure) or

db = —hds, (9)  greater than one (for stable structure). Thus f(b) may be
b defined as follows:

where / is a non-dimensional parameter to control the ~ f' (b) =1+b (12)
rate of destructuration with damage strain, and b is

the bonding parameter. By integrating Eq. 9, and con-  where b is the amount of bonding that has been
sideration of stable and metastable structures, current  defined by equation 10. Now the relation between the
bonding yields as: preconsolidation stresses may be rewritten as:

b=b,, +(b,~b,, )exp(h, —h

ult

vg([) (10) o‘l‘l(‘ = O_:(‘ ' {1 + buli + (bl - bul! )exp(ho - hvgd )} (13)
65
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Figure 2. The yield surface of the model on each sampling
plane.

By substituting the volumetric hardening rule of
the model (Eq. 2b) into the above relation, it yields:

o, ={os expl-Kel,,, )}

(14)
' {1 + bull + (bi - bulr )exp(ho - hvgd )}
where U'*nc,i is the previous reconstituted preconsoli-
dation stress on the respective plane.

In the same manner, the reduction of tensile strength,
during degradation of structure can be modelled. The
following relationship may be assumed, o, is the
maximum tensile strength and o the current tensile
strength of natural soil.

9,

(e}

1,max

=a,b, exp(-h,e,) (15)

a, is a non-dimensional parameter to determine the
rate of decrement of the tensile strength. The above
expression indicates that the tensile strength tends to
zero as the damage strain increases.

4.1 Effect of anisotropy on destructuration

In the previous section the parameter b; was intro-
duced, which defines the amount of bonding on a par-
ticular sampling plane. The value of the parameter is
independent of the other planes. As the structure of soils
causes a change of the yield surface (Leroueil &
Vaughan, 1990) in different directions, thus it can be
considered as one cause of inherent anisotropic
response of natural soils. It may be assumed that in
anisotropic soils, the amount of bonding is different in
various directions. Therefore the parameter b; should be
a direction dependent parameter. Based on the work of
Galavi & Schweiger (2006) and Pietruszczak & Mroz
(2000) the spatial distribution of b; may be defined as:

b = b{l—%;—;(l—3(”v)2)} (16)
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Figure 3. Effect of different amount of initial bonding on

the normal compression line.

where b, and A4, are the mean value of the initial
amount of bonding and anisotropy ratio, respectively,
and n, is the vertical component of the unit vector
normal to the representative sampling plane.

As the bonding parameter is used in the definition
of the preconsolidation normal stress and tensile
stress, it follows that by defining the bonding param-
eter as a direction dependent parameter the above
mentioned parameters are also direction dependent.

4.2 Model parameters

Five parameters are required to incorporate the struc-
ture to the model. The parameters are by, by, hy, h,
and «,.

The parameter b, is related to the “yield stress ratio”,
i.e. ratio between preconsolidation pressure on the nor-
mal consolidation line (NCL) of the natural soil to the
corresponding preconsolidation pressure of the intrinsic
soil. For soils with a metastable structure the value of 4,
is zero and the relation has the simple form as follows:

by =—%t-1
b= an

Figure 3 shows the influence of the mean value of ini-
tial amount of bonding (b,) on the resulting normal
compression line. It should be noted that in this figure
the value of the preconsolidation pressure of reconsti-
tuted soil is 1 kPa. The stress path of the test is shown
in Figure 4 for two values of 4 and 10. It is obvious
that the behaviour of soil up to gross yield is elastic.
After this point the soil follows the K stress path of
the structured soil.

Figure 5 shows the normal compression line with
different values for 4,. The value of 4, for the all of
these curves is zero. Therefore only volumetric plas-
tic strains affect destructuration. In the case of other
values for 4,, by changing 4,, the value of the gross
yield stress will also change because plastic strains
occur due to deviatoric yielding.
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Figure 4. Stress path in oedometer test.
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5 VERIFICATION

To verify the above-mentioned model, two stiff clays
have been selected and the compression behaviour of
them is modelled. The clays are:

a) Pietrafitta clay; Burland et al. (1996).
b) Pappadai clay; Cotecchia & Chandler (1997).

Both of them are modelled as isotropic soils
(A; = 1). Thus the amount of initial bonding (b,) is
the same for all sampling planes.

5.1.1 Pietrafitta clay
Experimental results of stiff clay Pietrafitta (Burland
et al.,, 1996) are compared with simulations of the
presented model. Burland et al. (1996) compared
experimental data, shear strength and compressibility
of four stiff clays in reconstituted and natural states.
Therefore the experimental data of strength param-
eters and compressibility of the soil in intact state and
reconstituted state can be obtained from their work
and are given in Table 1.

The parameters for the model are based on Table 1
and given in Table 2. Some of the parameters can be
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Table 1. Experimental data of Pietrafitta clay, Burland
et al. (1996).

Parameter Unit Value
(C.") conventional compression index [-] 0.523
(C,") conventional swelling index [-] 0.118
(ey) initial void ratio [-] 1.14
(c") cohesion [kPa] 0
(¢") friction angle [°] 33.0
(o-’*vy) intrinsic vertical yield stress [kPa] 490
(0'y) intact vertical yield stress [kPa] 1050

Table 2. Equivalent input data for the model for Pietrafitta
clay.

Parameter Unit Value
(") compression index [ 0.2270
(k") swelling index -] 0.0512
(v") Poisson’s ratio [-] 0.20
(A) deviatoric hardening parameter -] 0.050
(M,) shape parameter of cap [-1 0.45tan ¢
(ey) initial void ratio [-1 1.14
(c") cohesion [kPa] 0
(¢p") friction angle [°1 33.0
(") dilation angle [°] 0
(by) initial bonding [-1 1.14
(h,) rate of damage [-1 4.0
(0" o) initial preconsolidation [kPa] 490

normal stress
(Ay) parameter of proportion of -] 0.5

plastic strains
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Figure 6. Comparison of simulation and experimental
curves for Pietrafitta clay; Burland et al. (1996).

directly obtained but some have to be estimated such
as v', A, i, A, Initial bonding is calculated from the
“yield stress ratio” by means of equation 17, and the
value of 4, is assumed to be zero.

Comparison between the experimental normal
compression curve and the simulated curve is shown
in Figure 6. It is seen that the model has the capabil-
ity of modelling of the compressibility of the soil with
good accuracy.



Table 3. Model parameters for Pappadai clay, Cotecchia &

Chandler (1997).

Parameter Unit Value

(") compression index -1 0.152

(k") swelling index [ 0.0178

(v") Poisson’s ratio [-] 0.20

(A) deviatoric hardening parameter [-] 0.050

(M,) shape parameter of cap [-1 0.67tan ¢

(ep) initial void ratio [-] 0.98

(c') cohesion [kPa] 0

(¢ ") friction angle [°] 21.5

(") dilation angle [°] 0

(by) initial bonding [-] 2.5

(h,) rate of damage [-1 11.0

(o'*,,0) initial preconsolidation [kPa] 750
normal stress

(Ay) parameter of proportion of [-] 0.25

plastic strains

09 Belgl
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Figure 7. Comparison of simulation and experimental
curves for Pappadai clay; Cotecchia & Chandler (1997).

5.1.2  Pappadai clay

Results of the experimental work on natural stiff
Pappadai clay (Cotecchia & Chandler, 1997) are com-
pared with the presented model. The soil samples were
obtained from a block sample at a depth of 25.4m
from the Montemesola Basin, near Taranto, Italy.

This clay was deposited about 1.3 million years
ago. There was subsequent erosion of some 120 m at
the sampling location, resulting in the clay being
overconsolidated.

Table 3 shows the values of model parameters
used. A set of oedometer test on both natural and
reconstituted Pappadai clay were used to determine
parameters A", k" and b,.

It can be seen again that the simulated curve
matches quite accurately the experimental curve.

6 CONCLUSION

A constitutive model based on the multilaminate frame-
work has been presented. It has been demonstrated
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that the model is able to consider two important fea-
tures of natural soils namely destructuration and
anisotropy. The behaviour of two stiff clays was simu-
lated with the model, and comparison with experi-
mental data shows good agreement.
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Coupled analysis of an in situ experiment in a soft argillaceous rock
using a new constitutive model

J. Vaunat, B. Garitte & A. Gens

Department of Geotechnical Eng. and Geosciences, Universitat Politécnica de Catalunya,
Barcelona, Spain

ABSTRACT: The paper addresses the issue of the description of the coupled thermo-hydro-mechanical behav-
iour of argillaceous rocks. A constitutive law, developed for this type of materials, is firstly described. It is based
on an elastoplastic approach combined with damage concepts. Theoretical formulation and constitutive law are
then used to analyze and interpret the observations gathered during the performance of an in situ heating test
carried out in an underground laboratory. As a result of the analysis, a better understanding of the relationship
between the various interacting phenomena is achieved.

1 INTRODUCTION Argillaceous matrix
(volume Vgp)

Argillaceous rocks (mudstones, claystones, marls,

shales) result from mechanical, chemical and/or bio-

logical alteration of clay sediments during diagenesis.

Their behaviour present challenging aspects related Bond

to their low porosity, significant bonding, marked  (volume V)

anisotropy, stiffness reduction upon loading, brittle

behaviour during shearing, crack opening during

unloading, and mechanical degradation upon wetting.
In this paper a constitutive model for argillaceous

rocks incorporating elasto-plastic and damage features

is described. Formulation and constitutive model are Vm=Vv+Vp Vs=Vsu+Vp

then applied to the modelling of an in situ heating test

performed on Opalinus clay in the Mont Terri labora-  Figure 1. Schematic arrangement considered for a bonded

tory. Neither chemical nor desaturation phenomena are  argillaceous material.

considered in the work presented herein.

Void (volume Vy))

the stress-strain relationships of the matrix and the
bonds and by the fact that local stresses must be in
equilibrium with the external load.

The model must therefore include a constitutive
model for the matrix, a constitutive model for the bonds
and a stress partitioning criterion to specify the way in
The basis of the model consists in considering the  which the applied stresses are shared. For simplicity,
presence of two different materials inside the medium:  the equations are expressed in triaxial space.
the argillaceous matrix and the bonds (Figure 1). When
a load is externally applied to the medium, part of the
stresses will be carried by the bonds and part by the
matrix. The two materials will then experience different =~ The model assumes that bonds are responsible of the
local values of stresses and strains. These values are ~ main structuring effects. The argillaceous matrix has
constrained by the condition that local strains must be  therefore the same local behaviour (expressed in terms
compatible with externally applied deformations, by  of strains and stresses existing inside the matrix),

2 A CONSTITUTIVE MODEL FOR
ARGILLACEOUS ROCK

2.1 General

2.2 Matrix

71
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independently of the level of bonding. In this paper, a
hardening elasto-plastic model based on the Hoek &
Brown (1980) failure criterion has been adopted.

2.3 Bonding and stress/strain partitioning

The additional structuration caused by cement depos-
ition is accounted for in the model through the intro-
duction of second material component, called bond,
endowed with a behaviour typical of quasi-brittle
materials.

Let us suppose that bonding occurs at a given time
during deposit history #,, characterized by in situ stress
state (ppg, gpo) and strain (&,9, &49). At that time, part
of the void ratio will be occupied by the cementing
material. Denoting e = V}/V the void ratio, e, =
V3/ Vs the amount of volume occupied by bonds and
ey = (V, + Vy)/Vg the amount of volume not occu-
pied by clay particles per unit volume of solid material,
the following equality holds:

e, =ete, (1)

Changes in e, ¢, and e;, are measured by the fol-
lowing volumetric strains: de, = —de/(1 + e), de,;, =
—dey/(1 + e) and de,y, = —dey /(I + e). de, is related
to the change in porosity, de,, to the change in bond
volume and de,,, is the strain measured externally on
a sample of cemented material.

From equation (1), it follows that the three strain
increments are related by:

de,,, =de, +de,,

2

Equation (2) expresses the fact that change in poros-
ity is not equal to the external volumetric strain because
of bond deformability. It is extended to THE 3D strain
increments by the expression:

de,,, =dg, +de,,

(€)

Integration of Equations (2) and (3) from time ¢,
gives the following relationships between strains:

Ev — &

[ y £

,-,-o)+'9

ijb

0= (gij - S Epy =E; €, “4)

since 8ijM = Sij = gijO at ty.

Any load applied to an element of cemented material
after the time of bond deposition will distribute itself
between the soil matrix and the bonding according
to a ratio that depends on the geometric arrangement
of both components. Cordebois & Sidoroff (1982)
proposed to use the energy equivalence principle that
establishes the equality between the energy of the
composite material and the sum of energies for all
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components. For the case of a cemented material, this
principle leads to:

(O-i/' - O-i//)())(glj —&; ) = (0-;/,\4 ~Oino )(gsz - ei/'())

gn‘b

®)

+0,Ey, VE =€)~
Defining x; = &;/(g;; — &), and using Equation
(4), Equation (5) becomes:

O,

=0 (14 2,) +0,8,. Ve =¢€,-¢,

(6)

Equation (6) provides a relationship between the
external stresses oy, the stresses inside the bonds oy;
and “effective” stresses gy, acting at the contact
between clay particles. oy, are related to &, by
the constitutive law of the clay matrix described in
section 3.1.

Relationship between o, and &, is provided by
the constitutive law of the bonding. Damage elasticity
is considered as the modelling framework for this mater-
ial. More specifically, the damage model established
by Carol et al. (2001) has been selected where a loga-
rithmic damage measured is proposed:

L=ln(1/(l—D)) 7
Equations defining this law are:
Oy = (1 - D) Kyoi€ou = e_LKb(Jifklghkl (8)

D is ameasure of damage or fissuring of the material
and is equal to the ratio of bond fissures over the whole
area of bonds. Fissures are assumed to have null stiff-
ness while bond material between the fissures is con-
sidered as linear elastic with bulk and shear moduli K3,
and Gpy. When D = 0, the material is intact and bond
stiffness is determined by K, and Gy,. As D increases,
fissures develop and material stiffness decreases pro-
gressively. When D = 1, no more resisting area exists
inside the bonding and bond stiffness is equal to 0. In
that modelling framework, bond response is totally
determined if K, Gy and evolution of D with load
are known. Following Carol et al. (2001) proposal,
change of D is linked to the energy increment input to
the bonds du;, (equal to o; , de;;; in triaxial conditions).
The following expression has been used:
r(L)=re" =y, ©)

The current bond damage locus is defined in the
stress space as a threshold of equal energy r, corres-
ponding to the maximum energy input to the bond
during its history. This condition draws an ellipse in
the p,—q, space. For a stress state moving inside the



Composite material
yield locus Y

Figure 2. Schematic graphic description of the constitutive

model.

ellipse, no further damage develops. When the ellipse
is reached by the current stress state, damage occurs.

X;; define the part of load o; carried respectively
by bonds and matrix. Its evolution is defined by:

X=X, =X= V1-Dy,

where Y, is a coefficient related to bonding intensity.

According to Equation (10), x;; evolve from y;; to 0
during the process of bond damage. This mechanism
is accompanied by a destructuration of the material
and a progressive transfer of load from bonds to clay
matrix. Figure 2 shows a graphic summary of the model
for triaxial conditions.

(10)

3 THE HE-D EXPERIMENT

The HE-D experiment has been carried out by ANDRA
in the Mont Terri Underground Laboratory, excavated
in Opalinus clay, a shale of Lower Aalenian age (Middle
Jurassic). Opalinus clay may be described as a stiff
overconsolidated clay with a strong bedding structure.
The HE-D test is located in the shaly facies, that con-
tains a higher proportion of clay minerals.

To perform the experiment, a niche was excavated
from the main laboratory tunnel from which a 30 cm
diameter borehole has been drilled with a total length
of 14 m. In the section close to the end of the borehole,
two heaters have been installed. The heaters are 2m
long and can be pressurized to ensure a good contact
with the rock. The separation between heaters is 0.8 m.
In addition, a number of auxiliary boreholes have been
constructed to install a variety of instruments for the
monitoring of the test. Figure 3 shows a schematic
layout of the test.

Approximately one month after installation and
pressurization, the heaters were switched on with a
total power of 650 W (325 W per heater). The heaters
were then left under constant power during 90 days.
Afterwards the power was increased threefold, to
1950 W (975 W per heater) and maintained at that
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Figure 3. Layout of the HE-D experiment.

level for 248 days more. At the end of this second
heating stage, the heaters were switched off and the
rock allowed to cool. Temperatures, pore pressures
and deformations were measured throughout.

4 FEATURES OF ANALYSIS
4.1 TDype of analysis, discretization and
computer code

The numerical analyses have been performed in 2-D
axisymmetric conditions, with the axis of symmetry
centred on the main borehole axis. This hypothesis
obviously prevents the consideration of the anisotropy
of material (mainly due to the presence of the bedding)
and of the in situ stresses. Full 3D analyses are being
carried out at present but are not presented here. In any
case, the overall behaviour of the test is adequately
represented by the axisymmetric model. The analyses
have been performed using the computer programme
CODE BRIGHT (Olivella et al., 2000) that incorp-
orates a fully coupled thermo-hydro-mechanical for-
mulation for multiphase flow in deformable porous
media.
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4.2 Boundary and initial conditions

The following stages are considered in the analysis: 1)
excavation of the borehole, ii) heater pressurization to
1 MPa, iii) application of the first stage of heater power
(325 W/heater), iv) application of the second stage of
heater power (975 W/heater), and v) switching off the
heaters.

Initial stresses are assumed to be 4.28 MPa (an
average value of the measurements made in the area).
Initial pore pressures are set at 0.9 MPa in accordance
with the observations made before the experiment.
The initial temperature is 17°C and initial porosity is
equal to 0.137 throughout the domain.

4.3 Material properties

The main material properties are summarized in Table 1.
Most of the properties have been obtained from
previously available information. However, the mater-
ial stiffness value and the saturated hydraulic per-
meability have been determined from the evolution of
pore pressures measured during the drilling of the
main borehole. Also, thermal conductivity has been
selected from a backanalysis based on 3D thermal
modelling. As expected, thermal conductivity turned
to be anisotropic with values of 2.8 and 1.6 Wm ™~ L.K ™!
parallel and perpendicular to the bedding planes,
respectively. An average value of 2.2 W.m~'.K~! has
been used in the axisymmetric analyses.

Although there is a fair amount of scatter, labora-
tory tests on Opalinus clay show that there is a notice-
able reduction of strength with temperature. This has
been taken into account in the analysis by introducing
a reduction of strength with temperature according to
the expression (Laloui & Cekeravac, 2003):

)| 1-s;log Ti an

ref

5 RESULTS AND DISCUSSION

5.1  Coupled phenomena

Test observations and results obtained from the
coupled numerical analyses discussed below show a
hierarchical arrangement of the various coupled phe-
nomena identified. Relevant couplings are, by order
of importance:

a) Thermo-hydraulic coupling: thermal expansion of
water and solid grain due to changes in temperature
generate a build-up in water pressure. Because the
increase in water pressure at one point of the massif
depends basically on the increase in temperature,
the development of thermal gradients is accompan-
ied by the generation of hydraulic gradients.
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Table 1. Material properties.

Material properties Value
Mechanical

Young modulus E = 7000 MPa
Poisson’s ratio v=1023
Biot’s coefficient b=10.6
Uniaxial compression strength R.= 10MPa
Tensile strength P,=33MPa
Strength reduction parameter s7= 0.6
Damage threshold r, = 10"*MPa
Damage evolution parameter r; = 10""MPa
Hydraulic

Saturated hydraulic conductivity K, = 5.10"®m/s
Thermal

a=910"°K"!
Ap=22Wm 1K™}
Cs=840Tkg ' K™!

Linear thermal expansion of clay
Thermal conductivity of clay
Heat capacity of solid grain

b) Hydro-mechanical coupling: pore pressures gener-
ated by the thermo-hydraulic coupling dissipate
with time. This process is often referred as thermo-
consolidation and it causes further deformation of
the medium.

The low porosity of Opalinus clay and the fact that
it remains saturated during the test implies that neither
pore pressure changes nor deformations cause notice-
able changes in rock thermal properties; in particular
the rock thermal conductivity remains almost constant.
Thus, the temperature field is not affected by water
pressures or displacements and, therefore, the coupling
from hydro-mechanical to thermal is negligible. Conse-
quently, the interpretation of the measurements will be
made in the following order: i) temperatures and pore
pressures and ii) deformations and other mechanical
variables.

5.2 Temperatures and pore pressures

The evolutions of the observed and computed temper-
atures at one point adjacent to Heater 2 (see Figure 4
for point location) are presented in Figure 5. The two
heating stages can be clearly seen. It can also be noted
that the temperatures reached maximum values just
above 100°C at the end of the second heating stages.
There are some differences between the temperatures
at the two points reflecting the thermal anisotropy of the
Opalinus clay. About 200 days after switching off the
heaters, the initial temperature is practically recovered
and the experiment was terminated. The analysis
reproduces well the observed variation of temperature
throughout the test, although, naturally, an axisymmetric
model can not account for any anisotropic effects.
Figures 6 to 11 present the evolution of temperatures
and pore pressures for three points (D03, D14, D17),
the locations of which are also shown in Figure 4.
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Again, the two stages of heating and the cooling phase
are clearly visible. Points D03 and D14 are located at
different distances from the heater but they reach a
similar temperature, about 50°C (Figures 6 and 8).
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This again reflects the effect of thermal anisotropy.
However, the reproduction of temperatures is globally
quite satisfactory. Temperatures are of course lower at
point D17, located further away from the heater
(Figure 10).

Observations of pore pressures demonstrate quite
clearly the connection between temperature variation
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and pore pressure response. An increase of tempera-
ture leads to an immediate increase of pore pressure.
However, the relationship between the two variables
is not straightforward. To illustrate this, the time at
which the maximum of pore pressure is reached has
been indicated in both the temperature and pore pres-
sure plots. It can be clearly noted that the pore pressure
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peak corresponds to a first increase of temperature.
However, as time passes and temperature keeps increas-
ing, pore pressures in fact reduce because of hydraulic
dissipation. Naturally, the degree and rate of dissipation
depend strongly on rock permeability. The pore pres-
sure response of point D17 (Figure 11), further away
from the heater, is much less sharp, indeed it is even
more gradual than analysis predicts.

5.3 Mechanical variables

Deformations have been measured along borehole
BHE-D5. This observation borehole has been drilled
perpendicular to the main borehole and it crosses the
area between the two heaters. Deformations have been
measured between a series of observation points along
the borehole. Figure 12 shows the deformations meas-
ured in section 12—13 together with the analysis results.
It can be noted that in the first stage of heating the
computed results show a reasonable agreement with
observations. However, this agreement breaks down
from the start of the second stage of heating. Although
the pattern of the evolution of deformations is quite
similar, the observed magnitudes are much larger than
the computed ones. The reason for the difference is not
apparent and is being investigated; in particular the
effect of the presence of steel and plastic tubing
installed inside the borehole.
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An elasto-plastic cap model for partially saturated soils
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ABSTRACT: The present paper deals with the development and application of a numerical model for partially
saturated soils. The mechanical behavior of the soil skeleton is described by a cap model, originally proposed
for drained conditions. It is extended by introducing two stress state variables in order to account for partially
saturated conditions. The theoretical background of the material model is briefly outlined and the implementation
of the model into a finite element formulation is discussed. Finally the computational model is applied to the
numerical simulation of a laboratory test on the behavior of a sand column subjected to cycles of dewatering

and subsequent watering.

1 INTRODUCTION

In geotechnics the term “partially saturated” is
employed for soils for which the void space is not fully
saturated with water but also air is present in the pores.
The presence of a second fluid phase in the pores
affects the mechanical behavior of the soil skeleton
such that material models based on the effective stress
concept are not sufficient to describe the behavior of
partially saturated soils. Due to the curved shape of
the water-air interfaces and the presence of interfacial
tension a difference in the pressures of the water phase
and the air phase occurs, which is referred to as matric
suction or capillary pressure (Fredlund & Rahardjo,
1993). Experimental evidence shows that an increase
in matric suction in general results in an increase of
the shear strength, the preconsolidation pressure and
the elasto-plastic stiffness of the soil. Furthermore, a
decrease in matric suction, i.e. an increase of the degree
of water saturation, under high values of external
stress can result in an irreversible decrease of the soil
volume, denoted as collapse on wetting. As these fea-
tures can only be taken into account using two stress
state variables, a cap model, originally proposed for
drained conditions, is extended in terms of the so called
averaged soil skeleton stress and matric suction. By
accounting for the evolution of the shear failure sur-
face and the hardening law of the cap in terms of matric
suction as well as including the third invariant of the
deviatoric stress tensor in the formulation of the yield
surfaces the material model is able to represent these
features and provides good agreement with experi-
mental results, see e.g. (Kohler & Hofstetter, 2006).
The main focus of the present paper lies in the
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implementation of this material model into a coupled
three-phase FE-formulation. At first, the governing
equations of the numerical model are outlined. Then
the constitutive equations for the extended cap model
are presented. Finally, the resulting computational
model is applied to the numerical simulation of a lab-
oratory test conducted by Klubertanz (1999) on a
sand column which is subjected to cycles of dewater-
ing and subsequent watering.

2 THREE-PHASE FORMULATION

The soil is treated as three-phase medium consisting
of a deformable soil skeleton and the two fluid phases
water and air. By applying averaging procedures a
soil element can be considered as a mixture of these
three phases, which continuously fill the entire domain
according to their percentile share. The mixture is
then treated with the methods of continuum mechanics
and the governing equations are formulated in terms
of the averaged quantities of the mixture. Following
this approach the equilibrium equations are given as

(M

where o denotes the total stress tensor, g is the vector
of the gravitational acceleration and p' = (1 — n)p* +
nS"p" + nS%* is the averaged density with p°, p* and
p“ representing the intrinsic densities of the soil grains,
water and air (superscripts s, w and a); n is the poros-
ity of the soil and S/, f= a, w, denotes the degree of
saturation of the respective fluid phase. Compressive
stresses and pressures are defined as positive quanti-
ties throughout the present paper.

—dive +pg=0,



By considering an arbitrary domain of the three-
phase medium, fixed in space, the mass balance equa-
tions for the two fluid phases are derived assuming
incompressible soil grains and quasi-static conditions
by making use of the law of conservation of mass as

—STplevt 4 npf ST 4 n ST pf = —div (p/¥/?). )

with ¥# denoting the artificial velocity.

Considering small displacements and small strains
of the soil skeleton the relationship between the dis-
placements u and the strain tensor & is given by the
linearized kinematic equations.

The constitutive equations relate energy-conjugate
expressions which can be derived from the conserva-
tion laws of the partially saturated porous medium, see
e.g. Borja, 2004.

The constitutive equation relating the rate of the
intrinsic density of a compressible barotropic fluid f
to the rate of the fluid pressure is given as p//p/ =
p/IK' with K’ denoting the bulk modulus for the
respective fluid phase.

For the approximation of the degree of water satu-
ration under isothermal conditions in terms of the
capillary pressure p¢ = p — p" numerous empirical
equations have been suggested in the literature. In the
present model an approximation proposed in (Van
Genuchten and Nielsen, 1985) is adopted

p(:

pc” ’

SU =S¥ 4 (SY — S [1 + (7 3)
b

where S denotes the maximum degree of water satu-
ration, S% is the residual degree of water saturation
and pj denotes the air entry value. m and n are parame-
ters to fit the empirical equation to experimental data.
According to (Van Genuchten and Nielsen, 1985) , the
relation n = 1/(1 — m) leads to adequate results for
many soils.

For the transport of both fluid phases within the
pores of the soil Darcys law is assumed to be valid. It
can be derived from the equilibrium equation for a
fluid phase as (Lewis and Schrefler, 1998)

e K
v = Tr(cenadp’ +lg), )

where 7/ denotes the unit weight and &' the perme-
ability of the soil with respect to the particular fluid f.
For partially saturated soils the permeability coeffi-
cient &’ depends on the degree of saturation S/ and can
be expressed as product of the permeability k% for the
fully saturated case (S’ = 1) and the relative perme-
ability coefficient &/, accounting for the effect of
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partial saturation, as

k' =k BT (SY) with 0 < E(S¥) < 1. 5)
Various empirical equations relating the relative per-
meability coefficient to the degree of water saturation
(3) are reported in the literature (Van Genuchten &
Nielsen, 1985; Fredlund & Rahardjo, 1993).

The basis for the development of a constitutive
model for the soil skeleton of partially saturated soils
is the definition of the stress state variables in terms
of which the mechanical behavior can be described.
From the rate of work input per unit volume of a par-
tially saturated soil possible definitions for stress state
variables being work conjugate to the strains of the
soil skeleton are derived, e.g. in Houlsby, 1997; Borja,
2004; Schrefler, 2002. In the present approach the so
called average soil skeleton stress tensor

)

is adopted. This choice is advantageous, because o
degenerates to the effective stress tensor for fully water
saturated soils when S" is equal to one. Thus, material
models relying on o~ allow a straightforward transition
from partially saturated to fully water saturated con-
ditions. As the formulation of the cap model in terms
of " as single stress state variable is not sufficient to
fully describe the behavior of partially saturated soils
matric suction p° is considered as additional stress state
variable. In order to be consistent with the thermody-
namic considerations in (Houlsby, 1997; Borja, 2004;
Schrefler, 2002) the latter is used as a stress-like plastic
internal variable. Thus, the elastic strain tensor &° solely
depends on the average soil skeleton stress and for the
special case of linear elasticity the constitutive relations
are given as

W

o =0—p I+ S(p*—p (6)

c"=C:e°=C:(e—¢€"), (7)
where C denotes the elasticity tensor. The determina-
tion of the plastic strain tensor & requires a yield sur-
face to indicate whether a certain stress state causes
irreversible strains, a flow rule to determine the direc-
tion of the plastic strain rate and a suitable hardening
law. The yield surface is chosen in accordance with
the modified cap model proposed in (Hofstetter et al.,
1993). The latter represents a reformulation of the
original cap model (DiMaggio & Sandler, 1971) to
make it suitable for the application of a closest point
projection algorithm. In this multi-surface plasticity
model the elastic regime is bounded by a convex yield
surface, which consists of a shear failure surface f(o),
a strain hardening cap f;(o, k), where k represents a
hardening parameter, and a tension cutoff region f3(o).
The latter is not addressed in the present paper. In
order to account for partially saturated conditions the



plasticity model is reformulated in terms of the aver-
age soil skeleton stress tensor o and matric suction
p¢ is considered in the formulation of the yield sur-
faces. The functional form of the shear failure surface
is reformulated as

Al ) = LW) - [s| - F.(I}) = B00%). (8
where

-n
L) = (%) L FID) =a+0I; 9
and

Fu(pF) = kp® or Fu(pf) =30[(S") = 8] p°. (10)

o and m are parameters defining the shape of the
yield surface within deviatoric planes with respect to
the Lode angle 9. I denotes the first invariant of the
average soil skeleton stress tensor and ||s|| is the norm
of'the deviatoric stress tensor, equal for the total stresses
and the average soil skeleton stresses as p“ and p" are
only hydrostatic. The parameters « and 6 define the
shear failure envelope along the compressive meridian
within planes of constant matric suction and the func-
tion F(p©) accounts for the increase of shear strength
with matric suction. For the latter, two approaches are
available in the present model. In the first one a linear
increase of the shear failure surface with matric suction,
controlled by the parameter £, is assumed (see (10,)).
Since the increase of shear strength with matric suction
tends towards a maximum this approach may result in
an overestimation of the shear strength for high values
of matric suction. The second approach is obtained by
linking the increase of shear strength with the degree
of water saturation according to (Vanapalli et al., 1996)
(see (10,)). The fitting parameter ¢ is a unique value
for a certain soil which can be determined from the
plasticity index I,. For a non plastic soil with 7, = 0
the parameter { = 1.

The proposed extension of the shear failure surface
allows to predict the increasing shear strength of par-
tially saturated soils with increasing matric suction as
exemplarily depicted in Figure 1, where numerical
results (solid lines) for triaxial compression tests at
different values of matric suction are compared to
experimental data (dotted lines) published in (Macari &
Hoyos, 2001).

The functional form of the strain hardening cap of
the original cap model is replaced by

f2 (0'*7])67 K‘(pc))

= Fa (“SH,I]*, K(p(:)vﬁ) - Fe (K(pc)) - FS(pc) (11)
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Figure 1. g—¢, response for triaxial compression tests at

different values of matric suction.

for k(p©) < I* < X" (k(p°)),

where

E«‘ (Hs‘lv If7 K;(pc)vﬁ)

s (12)

\/L2w>||su2+ (i)

with R as a parameter defining the shape of the elliptic
cap. The movement of the cap is governed by isotropic
hardening. In contrast to the classical formulation both,
the rate of the plastic volumetric strain &% and the hard-
ening parameter «, depend on matric suction. Due
to numerical difficulties for the extension of the cap
model in terms of two stress state variables using the
original exponential hardening law the latter is replaced
by a logarithmic one yielding the rate of the plastic
volumetric strain as (Kohler, 2006)

X*(K(pc)) _ 3( S"wpc + Swpr:) '

D\ (1
ST X sl -85

(13)

In (13) X*(k(p°)) denotes the apex of the cap (Fig. 2)
and A (p©) is a scaling factor for the plastic volumetric
strain rate. The latter is assumed to vary with matric
suction according to an exponential law (Alonso et al.,
1990)

A(P) = A0)[(1 — ) exp(—pp°) + 1] (14)
with » and B as material parameters defining the
increasing plastic stiffness under hydrostatic loading
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Figure 2. The yield surface of the extended cap model in
terms of the averaged soil skeleton stress and matric suction.
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Figure 3. Comparison of the volumetric strain response for

hydrostatic stress paths at constant matric suction predicted
by the extended cap model with experimental data.

with matric suction, as shown in in Figure 3, which
depicts the relations between the volumetric strain of
the soil skeleton and the first invariant of the net stress
tensor for hydrostatic tests at three different values of
matric suction, p¢ = 50kPa (light grey curves), p¢ =
100 kPa (dark grey curves) and p¢ = 200 kPa (black
curves). Solid lines refer to the numerical results and
dotted lines to the experimental data redrawn from
(Macari & Hoyos, 2001).

Making use of the fact that two points on the apex
of the cap at two different values of matric suction are
characterized by identical values of the plastic volu-
metric strain, the hardening parameter in terms of
matric suction is finally obtained by integrating (13)
as (Kohler, 2006)

A0

20
Xxec (N(O)+R}'(€e('i(0))> A _ R(CY-‘rFé(pc))
1+ R0

K(p©) =

(15)
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The shape of the yield surface in the principal aver-
age soil skeleton stress space is depicted in Figure 4
for two different values of matric suction.

In contrast to a classical elasto-plastic material model
in terms of a single stress state variable a second tensor
of material tangent moduli is required for the imple-
mentation into the FE-formulation. The constitutive
model for the soil skeleton, considering elasto-plastic
behavior in terms of the average soil skeleton stress and
matric suction, can be written in rate form as
6" =Cpé+Csp°=Cre+Cs (p* —pv), (16)
where C; = da"/de denotes the tensor of the material
tangent moduli with respect to the total strains and

¢ = 90"/9p° contains the tangent moduli with respect
to matric suction.

3 IMPLEMENTATION

The numerical solution of the problem within the
framework of the finite element method relies on the
weak formulations of the governing equations (1) and
(2), the latter for both fluid phases, water and air.
Dividing the (spatial) domain under consideration into
a number of finite elements and interpolating the
primary variables within a single finite element from
the respective nodal values by suitable shape functions
results in a coupled system of three nonlinear equations
(Oettl, 2003):

—f"(U,P", P*) + C*“P" + C*P° = f**
_ (Csu;)TU + waPw + HYwpY + CwaPa _ fw’
— (Csa)T U + Cwepv + Qaal')a + Hope — ra
a7
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U, P" and P“ are the global vectors of the nodal val-
ues for the displacements and the fluid pressures, f"
denotes the vector of the internal forces of the average
soil skeleton stress tensor, the matrices C*", C** and
C™ account for the coupling between the different
phases, Q""" and Q““ contain the compressibility of
the different phases and the constitutive relationship
between the degree of water saturation and matric
suction and H" and H* denote the permeability
matrices. The external loads and the body forces are
contained in the vector of the external forces f** and
the flow of the fluid phases through the surface of the
domain under consideration is accounted for by the
vectors f* and £,

Applying the implicit Euler backward scheme for
the approximation of the unknown solution of the pri-
mary variables at the discrete point of time 7,,,; as well
as substituting the constitutive law for the soil skele-
ton into the incremental vector of the internal forces
finally yields a coupled set of equations for the incre-
mental nodal values.

4 NUMERICAL EXAMPLE

4.1 Experiment

An experiment, dealing with the one-dimensional
drainage of a soil column, conducted by (Klubertanz,
1999), is investigated numerically.

The experiment was conducted by means of a sand
filled perspex column of 1.2 m height and a cross sec-
tion 0of 0.25 X 0.25 m. Through holes in the bottom of
this column water can be supplied or drained by apply-
ing specified pore water pressures. Initially, before the
start of the experiment, the soil was fully water satu-
rated and any outflow of water was prevented. Thus,
hydrostatic conditions prevail within the soil column.
In the course of the experiment, at # = 0, prescribed
pore water pressures p*(f) are imposed at the bottom
as depicted in Figure 5. The pore pressure of water is
continuously measured during the experiment at 10
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Table 1. Hydraulic parameters.

Parameter Symbol  Value Dimension
Permeability water £ 7.85-107° m/s
Permeability air ke 436-1077 m/s
Bulk modulus water K" 1-10° kPa
Bulk modulus air K¢ 1-10% kPa
Residual saturation Sv 0.1 -
Maximum saturation ~ S% 1.0 -

Air entry value 7S 8.9 kPa
Empirical parameter  m 0.79 -
Table 2. Mechanical parameters.

Parameter Symbol Value Dimension
Young’s modulus E 43-10° kPa
Poisson’s ratio v 0.46 -
Porosity n 0.44 -
Density soil grains p’ 2.65 t/m?
Material parameter [% 0.51 -
Material parameter a 3.8 kPa
Material parameter A(0) 0.0025 -
Shape factor R 2.5 -
Material parameter Ie 1.0

Material parameter B 0.018 1/kPa
Material parameter r 0.2 -

locations and the vertical displacements at the top of
the soil column are recorded using two electronic sen-
sors, one at the center and one at the edge.

4.2 Numerical simulation

The numerical simulation is carried out using a
FE-mesh consisting of 24 equally-sized, plane strain
isoparametric finite elements with a biquadratic inter-
polation for the displacements and bilinear interpola-
tion for the fluid pressures. The displacements of the
soil skeleton are horizontally constrained at the side-
walls of the column and fully constrained at the bottom.
The vertical boundaries are assumed to be imper-
meable for both fluid phases. Atmospheric conditions
(p* = 0) are imposed for the air pressure at the upper
boundary whereas the pore pressures of both fluids at
the lower boundary vary according to the evolution
prescribed during the experiment.

All hydraulic parameters adopted for the analysis
were measured by (Klubertanz, 1999) in independent
experiments and are listed in Tab. 1.

The material parameters for the soil skeleton
employed in the present simulation are found in Tab. 2.
The parameters in the upper part are either adopted
from (Klubertanz, 1999) or derived from a triaxial
compression test and a oedometer test at fully saturated
(drained) conditions conducted on the sand used for
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Figure 6. Pore water pressure vs. height.

the drainage test. The parameter ¢, accounting for the
increase of shear strength with matric suction, can
be assumed as 1.0 for sandy soils according to
(Fredlund, 1995). Due to the lack of experimental
data at p° > 0 the material parameters defining the
evolution of the cap with matric suction are estimated
by adopting the respective values derived by the
numerical simulation of a series of suction controlled
tests published in (Macari and Hoyos, 2001).

4.3 Numerical results

Figure 6 depicts the pore water pressure vs. the height
of the sand column for different instants of time. Before
the start of the experiment hydrostatic conditions pre-
vail in the water phase. The change of the water pres-
sure with time at the bottom progresses with a delay of
time along the height of the column leading to a curved
distribution of the hydrostatic water pressures at early
times.

Figure 7 depicts the evolution of the pore water
pressure with time at different distances from the
bottom of the soil column for both the experimental
data (dotted lines) and numerical results (solid lines).
As can be seen the results of the numerical simulation
agree very well with the respective experimental data.

Figure 8 reveals that the numerically obtained
surface settlements differ quite substantially from the
experimental ones at the beginning of the test. The over-
estimation of the vertical displacements at the surface
may result from friction effects between the soil and
the perspex column in the experiment due to the instru-
mentation with pressure transducers, which are reported
in (Klubertanz, 1999). They explain the difference
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between the settlements measured at the boundary and
at the center of the soil column. However, they are not
considered in the numerical simulation. Since these
discrepancies decay in the course of time, at the end
of the test the experimentally obtained surface settle-
ment is well predicted by the numerical simulation.

5 CONCLUSIONS

The implementation of an extended cap model for
partially saturated soils in terms of the average soil
skeleton stress and matric suction into a coupled
three-phase soil model has been addressed in the
present paper. After a brief presentation of the gov-
erning equations, the constitutive equations and
the numerical implementation into to a FE-code, the
computational model was checked by applying the
FE-formulation to a laboratory test subjected to
cycles of watering and dewatering. The experimen-
tally observed behavior is quite well predicted by the
numerical simulation.
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ABSTRACT: The focus of the present paper is on modelling the essential mechanical properties of weathered
and partly saturated broken rock using a hypoplastic continuum approach. In particular an increase of the com-
pressibility and a decrease of the limit void ratios with an increase of the moisture content of the solid material
is modeled in a simplified manner using only a moisture dependent granular hardness. The constitutive equation
for the evolution of the stress is based on nonlinear tensor-valued functions depending on the current void ratio, the
stress, a moisture dependent granular hardness and the rate of deformation. It is shown that the results obtained
from numerical simulations of element tests are in a good agreement with laboratory experiments.

1 INTRODUCTION

The mechanical behaviour of broken rock is mainly
determined by the grain hardness, the grain shape, the
grain size distribution, the packing density, the orienta-
tion of contact planes, the stress state and the loading
history. Stiffness and shear strength are influenced by
the pressure level, the packing density and the rate of
deformation and are therefore not material constants.
The mechanical behaviour of broken rock is different
for unweathered or weathered grains. The degree of
geological disintegration, e.g. by chemical weathering
or by the intensity and the orientation of micro-cracks,
has a significant influence on the granular hardness
and, as a consequence, on the evolution of grain abra-
sion and grain breakage. Depending on the state of
weathering the propagation of micro-cracks due to
water-induced stress corrosion can be strongly influ-
enced by the moisture content of the grains. Under
higher stress levels the disintegration of grains can be
accelerated by moisture, which leads to a reduction of
the resistance to compaction and shearing.

The focus of the present paper is on modelling the
mechanical behaviour of broken rock materials using
a hypoplastic continuum approach. In hypoplasticity
the evolution equation for the stress is formulated with
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a nonlinear isotropic tensor-valued function depending
on the current state quantities and the rate of deform-
ation. In contrast to the classical concept of elasto-
plasticity no decomposition of the deformation into
elastic and plastic parts is needed (Darve 1991,
Kolymbas 1991). In order to model an elastic material
properties the rate of deformation tensor is incorp-
orated in the constitutive equation in a nonlinear formu-
lation. With a pressure dependent density factor the
influence of pressure and density on the incremental
stiffness, the peak friction angle and the dilatancy can
be modeled for an initially loose or dense state using
a single set of constants (e.g. Wu & Bauer 1993, Wu
et al. 1996, Herle & Gudehus 1999). Limit states or
so-called critical states are included in the constitutive
equation for a simultaneous vanishing of the stress
rate and volume strain rate (Bauer 1995). Originally,
hypoplastic material models were developed and cali-
brated for dry and cohesionless granular materials
like sand. While in the hypoplastic model by Gudehus
(1996) and Bauer (1996) for granular materials with
unweathered grains the so-called granular hardness is
assumed to be constant, an extension of this version
with a granular hardness depending on the moisture
content is discussed for applications to weathered
broken rock materials in the present paper. Herein the



granular hardness is related to the grain assembly
in the sense of a continuum description and does not
mean the hardness of an individual grain. The model
is calibrated for a weathered broken granite and the
results obtained from the numerical simulation of elem-
ent tests are compared with experiments.

2 THE GRANULAR HARDNESS OF
WEATHERED BROKEN ROCK

It is experimentally evident that for weathered rockfill
materials the compressibility is higher for a wet than
for a dry material as illustrated in Figure 1. For a pre-
compressed material under dry conditions (path A-B)
a following wetting leads to an additional settlement
along path B-C. For a continuing loading the load-
displacement curve (path C-D) follows the curve A-D
obtained for an initially wet material, i.e. the memory
of the material of the pre-compaction under dry con-
ditions is swept out if the load-displacement curve
obtained for the wet material (path A-D) starts from
the same initial density. In this context it is important
to note that for different initial densities the compres-
sion curves are different for both dry and wet states of
the material (Kast 1992).

In the following the compression behaviour is first
discussed for a dry granular material and modeled
using a relation between the void ratio e and the mean
pressure p = —(oy; + 09 + 033)/3. The evaluation
of numerous tests has shown that the compression
behaviour of various cohesionless granular materials
can be approximated with the following exponential
function (Bauer 1995):
e=eoexp[—(3p/hs)"] . (1)
Herein the constant e, denotes the void ratio for p = 0,
hy has the dimension of stress and # is a dimensionless
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Figure 1. Compression behaviour of weathered broken rock

in dry and wet states.
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constant. The quantity 4, is called granular hardness
(Gudehus 1996), which is related to the grain aggre-
gate under isotropic compression and different from
the hardness of an individual grain. Experimental
investigations show that the quantity /%, reflects the
isotropic pressure where grain crushing becomes
dominant. More precisely, 4, represents the isotropic
pressure 3p at which the compression curve in a semi-
logarithmic representation shows the point of inflec-
tion while the exponent 7 is related to the inclination
of the corresponding tangent (Figure 2). For high
pressures the void ratio in Eq.(1) tends to zero, which
can be explained by grain plastification and grain
crushing.

In order to model the influence of the disinte-
gration of stressed rockfill due to by a reaction with
water, a degradation of the granular hardness with an
increase of the moisture content w of the solid mate-
rial is assumed in the following. To this end the con-
stant granular hardness %, in Eq.(1) is replaced by the
moisture dependent quantity 4% i.e. (Bauer & Zhu
2004)

R =hsot(w). 2)

Herein A, is the value of the granular hardness obtained
for the dry material, i.e. A, is related to ¢y = 1, and
Y(w) =< 1 denotes the disintegration factor depending
on the moisture content w of the grain material. A
higher moisture content means a lower value of Js(w)
and of 4¥ and consequently a higher compressibil-
ity of the material as illustrated in Figure 3. A time
dependent behaviour of the degradation of the granu-
lar hardness can be accounted for in a simple manner by
extending relation (2), which, however, is not consid-
ered in the present paper.

on cur

N
point| of inflection K
N
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0
s Gp)
Figure 2. Isotropic compression relation (1) in a semiloga-

rithmic representation.



3 THE PRESSURE DEPENDENCE OF THE
LIMIT VOID RATIOS

It is experimentally evident that under the same pres-
sure cohesionless granular materials can show differ-
ent packing densities of the grain assembly so that the
void ratio can range between a maximum void ratio
e; and a minimum void ratio e;. In order to represent
the range of possible void ratios for a given granular
material it is convenient to consider the so-called phase
diagram of grain skeletons (Gudehus 1997) as sketched
in Figure 4. Herein the limit void ratios e; and e, are
pressure dependent and they decrease with an increase
of the mean pressure p. The upper bound, ¢;, can be
related to an isotropic compression starting from the
loosest possible skeleton with grain contacts, i.e.
there exists no homogeneous deformation which goes
beyond e = e;. Values of e; will be achieved by cyclic
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Figure 3. Influence of the moisture content on compression

behaviour (solid curve: dry state, dashed curve: wet state).
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Figure 4. Influence of the moisture content on limit void

ratios (solid curves: dry state, dashed curves: wet state).
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shearing with very low amplitudes and nearly fixed
mean pressure.

By contrast, large monotonic shearing leads to a
stationary state, which is characterized by a constant
stress and constant void ratio. The void ratio in such a
limit state, which is called critical void ratio, e, is again
a pressure dependent quantity. Gudehus (1996) sug-
gested postulating that the maximum void ratio e;, the
minimum void ratio e; and the critical void ratio e,
decrease with the mean pressure according to

@)

where ¢;,, e, and e, are the corresponding values for
p = 0 as shown in Figure 4. It is obvious that with a
degradation of the granular hardness the pressure
dependent limit void ratios and the critical void ratio
are lower for y(w) <1 as illustrated by the dashed
curves in Figure 4.

€ € _ €

= — =¢€xp
e(}()

€io €do (3)

4 THE HYPOPLASTIC MODEL

In order to model the dependence of the incremental
stiffness of weathered broken rock on the current void
ratio e, the stress state o, the rate of deformation &;
and the moisture dependent granular hardness 4} the
hypoplastic constitutive model by Gudehus (1996) and
Bauer (1996) is extended using the moisture content w
as an additional state quantity. The proposed consti-
tutive equations for modelling non-linear and an elastic
behaviour read:

Gij = [s {&2 &ij + (Oriént) 0ij

“

+fa@(6i +673) v
e =(1+e)é,, %)
with the normalised quantities: oA',«j = o/(—3p),

0% = 0y — 8;/3, the Kronecker delta §; and the volume
strainrate &, = &1 + &y, + &s33. Function d in Eq.(4)
is related to critical stress states which can be reached
asymptotically under large shearing. With respect to the
limit condition by Matsuoka & Nakai (1977) function
d can be represented as (Bauer 2000):

. singp, P
a= 34sing, Vo + UA:IUA~I] (6)
with
_ 8/3-3(d000) +94/3/2(0% Gia)*?
L+g\3/260ew



and
9= 7\/6(3';:1 (}I*WL &7*71!\/(&;:1 &Zl)3/2 :

Herein ¢, denotes the friction angle defined for the
critical state under triaxial compression. The influence
of the mean pressure and the current void ratio on the
response of the constitutive equation (4) is taken into
account with the stiffness factor f; and the density fac-
tor f;. The dilatancy behaviour, the peak stress ratio
and strain softening depends on the density factor f;,
which represents a relation between the current void
ratio e, the critical void ratio e, and the minimum void
ratio ey, i.e.
> «

=

where a < 0.5 is a constitutive constant. The stiffness
factor f; is proportional to the moisture dependent
granular hardness /¥and depends on mean stress p, i.e.

€ — €y

™

€c—€q

N\ B * ) 1-n
fo= (&) pelre) (3—”) , ®)
e/ nhi(Grou)e; \ h:
with
b 8 sin? ¢ _2\/§sinap (eioﬁed(,)“
' (3 +sing)? 3+sing \ew—edo/
and

h: = hso 'l/}(’LU) .

Herein B8 > 1 is a constitutive constant. In (7) and (8)
the current void ratio e is related to the pressure and
moisture dependent maximum void ratio e;, the min-
imum void ratio e; and the critical void ratio e, accord-
ing to relation (3). A specific representation of the
scalar function {s(w) can be obtained by curve fitting
experimental data. Due to the lack of experimental data,
only a distinction between the granular hardness in
the dry and the water saturated state will be considered
in the present paper.

The proposed hypoplastic model for weathered
broken rock materials includes 9 constants which can
be determined from simple index and element tests
(Bauer 1996, Herle & Gudehus 1999). In the present
paper the calibration of the constants is based on the
experiments carried out by Kast (1992) with weathered
broken granite. The following values were obtained:

@.=42°,  hy, = 75MPa, n=0.6
€ip = 0.35, €co = O39a €do = 02,
a =0.125, B =1.05,
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Figure 5. Isotropic compression of the specimen in the dry

state (ey = 0.46, ¢ = 1).
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Figure 6. Isotropic compression of the specimen in the sat-

urated state (e¢y = 0.46, y = 0.34).

for dry states of the solid material: ¢y = 1,
for the water saturated state: ¢y = 0.34.

It should be noted that in the present model the
critical friction angle ¢, is assumed to be a constant
because the experiments used for the present calibra-
tion did not show a clear influence of the moisture
content on the critical friction angle.

4.1  Comparison of numerical simulations

with experiments

The results obtained from the numerical simulation
of homogeneous element tests are compared with
experiments carried out by Kast (1992) for isotropic
compression (Figure 5 and Figure 6) and triaxial
compression (Figure 6-Figure 10).

Under isotropic compression starting from an ini-
tial void ratio of e, = 0.46 the densification is signifi-
cantly higher for the water saturated state of the solid
material (Figure 6) than for the dry state (Figure 5).
For the isotropic pressure of p = 0.8 MPa the corres-
ponding void ratios are e = 0.418 for the dry material
and e = 0.387 for the saturated solid material. These
are the initial states for the triaxial compression under
a constant mean pressure of p = 0.8 MPa as shown in
Figure 7 and Figure 8. As the initial void ratio is
higher than the corresponding pressure dependent crit-
ical one, ie. for p=08MPa — e¢.=0.34
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Figure 9. Triaxial compression of the specimen in the dry
state (ey = 0.29, % =1): (a) mobilized friction angle ¢,, vs.
axial strain &,, (b) volume strain &y vs. axial strain &,,.

for the dry material and e. = 0.31 for the saturated
material, the triaxial compression leads to a further
densification for both the dry material and the satur-
ated material. The increase of the mobilized friction
angle ¢,, with the vertical strain &), is more pro-
nounced for the dry material (Figure 7) than for the
saturated one (Figure 8), which is also in agreement
with the experiments. In order to study the influence
of an initially dense material the experiments for tri-
axial compression under a constant mean pressure of
p = 0.8 MPa starting from e = 0.29 for the dry mater-
ial and e = 0.285 for the saturated solid material are
compared with the prediction of the hypoplastic
model in Figure 9 and Figure 10. A comparison of
Figure 7 with Figure 9 shows that the volume-strain
behaviour is strongly influenced by the initial density
and it differs for the dry and saturated states of the solid
material. The additional densification is less pro-
nounced and the maximum mobilized friction angle is
higher for the initially dense material. A clear peak
state for ¢,, can only be detected for the dry and ini-
tially dense material (Figure 9). After the peak the
value of ¢,, slightly decreases with advanced vertical
compression and it is accompanied by dilatancy. For
the saturated and initially dense state of the material
the dilatancy is less pronounced.
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5 CONCLUSIONS

A hypoplastic continuum model is presented to
describe the essential properties of weathered broken
rock materials. In particular an increase of the com-
pressibility and a decrease of the limit void ratios with
an increase of the moisture content of the solid material
is modelled in a simplified manner using only a mois-
ture dependent granular hardness. The constitutive
equation for the evolution of the stress is based on
nonlinear tensor-valued functions depending on the
current void ratio, the stress, a moisture dependent
granular hardness and the rate of deformation. As the
hypoplastic concept does not need to distinguish
between elastic and plastic deformation the calibration
of the constitutive constants is rather easy. The calibra-
tion is carried out based on experiments for a wea-
thered broken granite. It is demonstrated in this paper
that the mechanical behaviour of an initially loose and
dense material can be captured with a single set of
constants. The comparison of the numerical simulations
of isotropic compression and triaxial compression
with experiments shows that the model captures the
essential properties of weathered rockfill materials
for both dry and water saturated grains.
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A Generalized Plasticity approach for describing the behaviour of
silty soils forming the Venetian lagoon basin
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ABSTRACT: In this paper, the mechanical response of silty sediments forming the upper profile of the Venice
lagoon basin is modelled within a theoretical framework known as Generalized Plasticity. Starting from an existing
formulation developed for the analysis of sand behaviour, some modifications are introduced in the original model
in order to better simulate the stress-strain response of such non-active natural soils over a wide range of stresses
and densities. A state dependent dilatancy is included in the constitutive equations. Moreover, according to recent
developments on the isotropic compression of granular soils and on the modelling of softening in dense sands,
adjustments to the plastic modulus expression are introduced. The approach is validated by comparing the model
predictions with experimental results of drained triaxial compression tests on natural and reconstituted samples
of soils, having different fine contents.

Results of calibration studies on Venetian soils are
discussed, with particular reference to such material
parameters appearing in the modified relationships of
dilatancy and plastic modulus.

1 INTRODUCTION

Due to a very complex depositional history, the upper
100 m of the Venetian basin appear as a chaotic alter-
nation of fine sediments, ranging from fine silty sands
to silty clays.

High heterogeneity of such soils makes rather
difficult any modelling within a unified theoretical

2 BASIC FEATURES OF THE PZ MODEL

framework.

In recent years attempts (Tonni et al., 2003; Cola &
Tonni, 2006) have been made to tackle this issue from
the perspective of a rather versatile theoretical formu-
lation known as Generalized Plasticity, with particular
reference to a specific model for granular soils (PZ
model) developed by Pastor ef al. (1990). The prelim-
inary application of the model to the analysis of Vene-
tian soils resulted in rather acceptable predictions of
the experimental behaviour but also suggested few cor-
rections to be introduced within the constitutive equa-
tions in order to improve its predictive capability over

a wide range of densities and stress levels.

In this paper we illustrate a simple development of
the original PZ model, which allows to account for the
internal-state dependence of granular soil behaviour
without altering the general framework of the model

itself.
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The PZ model was developed by Pastor, Zienkiewicz
and Chan (Pastor et al., 1990) as a particular type of
Generalized Plasticity model, with the aim of predict-
ing the granular soil behaviour under both monotonic
and cyclic loading.

According to Generalized Plasticity premises, the
model allows for plastic deformations at any stress
level, irrespective of the stress increment direction, i.e.
both in loading and unloading conditions. Moreover,
no yield nor plastic potential surfaces are explicitly
defined, but the gradients to the functions themselves.

A Generalized Plasticity model is fully determined
by specifying the tangent elastic stiffness tensor DY,
the loading direction n, the plastic flow direction m
and the plastic modulus H; . Different expressions
for the plastic modulus A and the plastic flow direc-
tion m can be adopted, whether loading (L) or unload-
ing (U) is occurring.



Therefore, the tangent elasto-plastic stiffness ten-
sor Dy can be expressed as follows:

[m;,y ®n]

) =g+ n

L/U

Since in this work the validation of the constitutive
equations was restricted to drained triaxial tests in
monotonic loading, the following brief outline of the
PZ model is merely focused on the g-p’ formulation
under loading conditions (L).

In this case, the plastic flow direction m/ = (m,,
my) is given by:
__% m. =L
my = TE— My = (2a,0)
J1+d p J1+d p

with the soil dilatancy d, expressed as a linear function
of the stress ratio 7:

dg

-y ) (M1, n) 3)

M, being the critical state line slope in the g-p" plane
and a, a material parameter.

The model assumes a non-associated flow rule, thus
the loading direction n is different from m, but with
similar expressions for its components 7, and 7. These
ones can indeed be still expressed by egs. (2a,b), in
which d, must be replaced by dy:

dr=li-a, ), -n) “

M;and a,being material parameters.
For monotonic loading conditions the plastic modu-
lus H; can be expressed as follows:

H,=Hq-p"H;{H,+H} 6)
together with

o 4
Hy= /A (6a)
H,=1-1/Mg  Hg=pofexp(- Bo§)  (6byc)

Constants Hy, B, and 3, are constitutive parameters,
while £ is the accumulated deviatoric plastic strain.
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Finally, the model assumes a non-linear elastic
response of the soils, according to the following rela-
tionships:

dp': Ko L

’

-del  dq=3G, ;;, del (7a,b)
0

in which K, and G, are the tangent bulk and shear
moduli at the reference mean pressure pg.

3 BASIC FEATURES OF VENETIAN SOILS

The 95% of sediments forming the upper 100m of a
typical Venetian soil profile can be grouped into
3 classes, i.e medium-fine sands with sub-angular
grains (SP-SM), silts (ML) and very silty clays (CL).
The remaining 5% is clay or peat.

Coarse sediments are predominantly composed of
silicates and carbonates, while silts and silty clays,
originated from mechanical degradation of sands,
have a clayey mineral content never exceeding 20% in
weight.

On the basis of a large amount of experimental data,
Cola & Simonini (2002) observed that the stress-strain
behaviour of such soils is mainly controlled by inter-
particle friction. Moreover, since geotechnical param-
eters gradually vary as the grain size distribution
changes from SP-SM to CL (except for organic sam-
ples), it seemed reasonable to relate a number of
intrinsic soil parameters to a grain size index /gg,
defined as the ratio between the non-uniformity coeffi-
cient U and the mean particle diameter Ds,. As regards
the material constants defining the CSL, Cola &
Simonini found that the dependence on /55 can be
expressed as follows:

¢. =38.0+1.55-log /s (8)
2. =0.066—0.016 - log I ;g ©9)
ey =1.13+0.10-log I g (10)

where e, is the critical void ratio at the reference
mean pressure p,,r = 100 kPa.

Another property related to /g is the maximum
shear stiffness G,,y, according to the following rela-
tionship:

n

Gomax _ ). @97-¢* | p'

(1+e)

)

Pref Pref



in which the exponent 7 can be assumed equal to 0.6
for all Venetian soil class, while D can be related to
the grain size index by:
D =470+60,4-log!sg (12)
More recently Biscontin et al. (2006) applied the
Pestana & Whittle approach (1995) to the analysis
of the 1D compression behaviour of Venetian soils.
Oedometric tests performed on the three different soil
classes up to 30 MPa, showed that at very high pres-
sures the 1D compression curves move towards the
Limiting Compression Curve (LCC), whose equation
is linear in the log e-log o7, plane. The slope p, of such
line, intrinsically related to soil mineralogy, can be
assumed as constant for almost all the Venetian soils,
while its position —i.e. the void ratio e at the reference
pressure o, = 100kPa — depends on the fine content
FF, that is the amount of particles smaller than 5 pm.

4 EXPERIMENTAL DATABASE

The preliminary application (Tonni et al., 2003) of
the PZ formulation to the modelling of Venetian soil
behaviour was carried out using a few drained triaxial
tests on samples having different fine contents. Such
tests provided experimental evidence that sandy and
silty samples tended to form shear bands as soon as the
maximum deviatoric stress was exceeded, thus making
it difficult to detect the critical state condition.

In order to dispose of a more reliable set of experi-
mental data for the current study, four 70mm X
140 mm cylindrical samples were tested in drained
conditions, using an advanced triaxial cell provided
with local displacement transducers and outfitted with
lubricated heads for delaying as much as possible
localization phenomena. Two further tests (SP-LD300
and SP-HD300), performed on 100 mm-diameter
reconstituted samples of a medium-fine uniform sand,

prepared at different relative densities, were considered.
Unlike the first group of tests, this latter was carried out
using a standard triaxial equipment. The main charac-
teristics of the samples are listed in Table 1.

Experimental results are plotted in Figure 1. It can
be noted that although lubricated heads were used,
localization was only delayed but not completely
avoided.
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Figure 1. Deviatoric stress and volumetric strain vs. axial

strain of all examined tests.

Table 1. Basic characteristics of the samples.

Test SP-200 SM-200 SM-480 ML-200 SP-HD300 SP-LD300
Soil type Fine sand Sandy silt Silt Uniform fine sand

Type of sample Natural Natural Natural Natural Reconst. Reconst.
Depth® (m below MSL) 40.5 33.1 33.1 18.5 40.8 40.8
D5y (mm) 0.170 0.045 0.045 0.034 0.170 0.170

U = Dgy/Dyy 1.98 2.68 2.68 7.08 1.64 1.64

Igs 0.086 0.017 0.017 0.0043 0.104 0.104
LL, IP - - - 29.9 - -

Fine fraction, FF (d < 5 pm) (%) 0.0 6.0 6.0 10.5 0.0 0.0

Cell pressure, o, (kPa) 200 200 480 200 300 300
Void ratio at consolidation, e, 0.676 0.787 0.748 0.726 0.712 0.820

(M All the samples were collected from MSgM2 bore, located at Malamocco at a point with bottom sea at 10,2 m from MSL.
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Except for ML-200, having a little fine content, all
the other samples show a dilatant behaviour, thus
confirming what observed by Cola & Simonini, i.e.
that dilatancy of sandy and silty soils disappears at
mean stress levels higher than 1 MPa or when the clay
content is not negligible.

5 MODIFICATION OF THE PZ MODEL

5.1 A state dependent relationship for dilatancy

According to many contributions on sand modelling,
the PZ model assumes that dilatancy d, is a unique
function of the stress ratio n, irrespective of the mater-
ial internal state. One of the major shortcomings of
such hypothesis is that different sets of constitutive
parameters are needed for a single sand at different
initial conditions.

In recent years attempts (i.e. Wan & Guo, 1998;
Gajo & Muir Wood, 1999) have been made to treat
dilatancy as a state-dependent quantity, with the con-
cept of critical state as basis.

Following such developments on this issue, in the
present work a modified expression of the plastic flow
rule was introduced in the PZ constitutive equations,
in order to address the limitations of the model in cap-
turing the evolution of sand behaviour due to pressure
and density changes.

In a previous study on Venetian soil behaviour,
Cola & Tonni (2006) compared the predictive cap-
ability of two different flow rules, recently proposed
by Li & Dafalias (2000) and Gajo & Muir Wood
(1999) respectively, both expressing dilatancy as a
function of the state parameter ¥ (Been & Jefferies,
1985). The authors observed that such relationships
were able to successfully reproduce the experimental
data, as well as giving similar responses.

In this work we considered the Li-Dafalias formu-
lation and replaced the original dilatancy equation with

the following one:

dg =Dy M exp(myy)- 1| (13)
D, and m, being material parameters.

Calibration of parameters appearing in eq.(13) can
be easily performed by fitting the experimental ¢,-¢,
curve, taking into account that at the phase transform-
ation point dilatancy becomes equal to zero. In order
to avoid as much as possible multiple sets of param-
eters, after a preliminary estimation of Dy and my
based on every single test, a unique mean value was
adopted for samples having the same /5. Final values
of such parameters are listed in Table 2, together with
all the other model parameters.

In Figure 2 the prediction of eq. (13) is compared
with experimental data referring to SM-200 test, con-
firming the reliability of such approach.

2.0
4 —%— SM-200

1.6 —o— Eq. (13): my=1.2,0,=0.8
1 —&— Eq. (3): 0g=0.45

1.2

Dilatancy dj
o o
iN o)

©
(=}

-0.4

0.00 0.04 0.08 0.12
Axial strain ¢,

Figure 2. Experimental and predicted dilatancy for SM-200
test.

Table 2. Model parameters from calibration.
Test SP-200 SM-200 SM-480 ML-200 SP-HD300 SP-LD300
¢, (°) 36.3 353 353 343 36.5 36.5
Ao 0.083 0.095 0.095 0.104 0.082 0.082
Cref 1.023 0.953 0.953 0.893 1.032 1.032
M, 1.48 1.43 1.43 1.39 1.48 1.48
M; 1.10 0.81 0.81 0.79 1.10 0.88
K, (kPa) 84575 64300 115160 63360 103550 88310
G, (kPa) 77221 58710 105150 57850 94540 80630
ay 0.45 0.45 0.45 0.45 0.45 0.45
my 0.05 1.2 1.2 0.2 0.05 0.05
Dy 0.75 0.8 0.8 0.5 1 1
n 0.4 1 1 1 1.05 0.35
C 0.16 0.5 0.5 0.2 0.3 0.35
96
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5.2 Plastic modulus at constant stress ratio
compression

A large number of constitutive models for granular soils
assume that under confining pressures not causing
crushing of sand particles, constant stress ratio load-
ings do not induce any plastic deformation. Such an
assumption implies that in isotropic compression the
plastic modulus is infinite as long as the material
remains within a “cap” limiting the elastic behaviour.
This limitation is overcome in the PZ model, being the
volumetric plastic strain inversely proportional to the
material parameter H,, as evident from egs. (6a—c)
when n = 0.

In Tonni et al. (2003) the calibration of H,, per-
formed by fitting the g-g, curves of three drained tri-
axial tests, gave values equal to 800, 1000 and 2800
for CL, ML and SP-SM samples respectively. Although
such estimations were within the range of values pro-
posed by Pastor et al. in their examples, the procedure
did not appear sufficiently reliable.

Therefore in a recent work, Cola & Tonni (2006)
examined alternative formulations on the isotropic
compression of sands: attention was particularly
focused on the studies of Pestana & Whittle (1995)
and Jefferies & Been (2000), both expressing the
plastic volumetric strain as a function of the distance
between the current state and the crushing regime.

The application of such methods to the estimate of
the initial value of H for our six triaxial tests resulted
in predictions which were almost equal or within the
same order of magnitude, thus confirming the reli-
ability of both formulations.

In this work, only the Jefferies-Been approach was
considered because it relates the plastic modulus in
isotropic compression H, to the same state parameter ¥
previously adopted in the dilatancy equation, thus
allowing a unified modelling within the state parameter
framework.

On the basis of several isotropic compression tests
on Erksak sand, Jefferies & Been found that the plas-
tic modulus K, can be conveniently expressed in the
form:

K, =03-exp(~6.5%)- 1+1,3~L]-1<€ (14)
Ox

J

where o, is the apparent grain crushing pressure in
shear, corresponding to a discontinuity of the CSL
slope in the e-Inp’ plane (Verdugo, 1992). According
to experimental evidence, the apparent grain crushing
pressure for Venetian soils was assumed equal to
1.2 MPa (see Cola & Tonni for further details).

As K, coincides with H; of eq.(5), it follows that
H, can be determined as K,/p’.

It must now be observed that eq.(14) was obtained
by fitting experimental tests on Erksak sand samples,
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hence a more sensitive calibration work would be neces-
sary in order to properly apply such method to other
granular soils. Nevertheless, as the Jefferies-Been for-
mulation seemed to be in good agreement with the
Pestana-Whittle approach (whose applicability to
Venetian soils was verified by Biscontin et al.), we
omitted any further calibration study.

5.3 General expression of the plastic modulus

The plastic modulus components proposed in the ori-
ginal PZ model and defined by egs.(6a—c) account for
the stiffness decrease as the shear plastic deformation
increases and the critical state is drawing on. Such
components are intended to reproduce some peculiar
features of granular soil behaviour, i.e. failure at
the critical state, softening of dense sands, the lack of
dilatant response for loose sands.

In this work a simplified expression of the plastic
modulus in monotonic loading is proposed. The modi-
fied formulation can be expressed as follows:
Hy =Hy-p'Hy-H (15)
in which Hj is calculated according to the method
illustrated in section 5.2, while components hcf* and
H are defined respectively as:

(16a,b)

_c
C+&)?

n and C being material constants.

The “failure” component H_';, replacing Hj, includes
the idea that during the distorsional process the sand
is striving to attain the current peak stress ratio
N, = Mge” "¥  According to eq.(16a), 7, changes
with ¥ in a way that results in 1, > M, for dense
states and m,, < M, for loose states.

The concept of a virtual failure stress ratio depend-
ing on the material internal state was first introduced
by Muir Wood ef al. (1994) and later followed by other
authors, as Manzari & Dafalias (1997) who adopted a
linear function of the state parameter ¥ or Wang et al.
(2002) who expressed such dependence in terms of
the so called state pressure index I,,.

In this study the mobilized peak stress ratio was
related to the state parameter ¥ through the exponential
function defined in eq.(16a), as also recently proposed
by Li & Dafalias (2000). The calibration of » can be eas-
ily performed at the drained peak stress state, at which
eq.(16a) becomes equal to zero. Therefore it follows:

|

My

ne—lqp| & (17)
Yp Mp



where 7, and V), are the value of 1 and V¥ at the peak
stress state, measured from experimental data.

As in the original PZ model, H; is assumed to be
dependent also on the accumulated deviatoric plastic
strain £ through the H, component, which has the role
of making the plastic stiffness degradation more
smooth or more sharp.

The calibration of parameter C can be performed by
fitting the ¢g-g, curve. Estimations of » and C, refer-
ring to the six benchmark tests are listed in Table 2

6 CALIBRATION AND FINAL REMARKS

In monotonic loading conditions the modified ver-
sion of the PZ model requires the definition of 9
parameters. Table 2 summarizes the parameter values
obtained through the calibration work here presented.

In this study, a number of parameters were rather
easily estimated by using their dependence on the grain
size index /g, through the relationships illustrated in
section 2. Therefore, the quantities related to critical
state conditions such as M, or the internal state param-
eter ¥ were estimated from eqgs.(8)—(10).

The elastic modulus G, was determined from
eq.(11), reducing the value of G,,,, by a factor of 2.5,

1400

as also suggested in Gajo & Muir Wood. The bulk
modulus K, was consequently calculated through the
well known relationship:

_2:(+v)

S 3.(1-2v) (%)

0 0

with the Poisson ratio v equal to 0.15.

The calibration procedure of dilatancy parameters
my and D, has been already described in § 5.1: it’s
worth remarking here that different values of m, and
D, had to be considered for different soil samples.
Nevertheless, a unique set of dilatancy parameters was
adopted for soils having the same grain size index /.
Moreover, the small number of available tests did not
allow to explain the m, oscillations: difficulties in deter-
mining a reliable value of such parameter are maybe
related to its dependence on the state parameter V¥,
which is in turn calculated from an empirical rela-
tionship having some degree of uncertainty.

In the absence of any particular test for determin-
ing ay and M, a constant value equal to 0.45 was
adopted for the first parameter, while the latter was
preliminary estimated according to suggestions of
Zienkiewicz et al. (1999).

1400 1 T —————C
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g ' o ]
& 1000 1 r % 1000
<) / ,/" = ]
1) / ]
g s0q /I, 2 800 -
2 | s - — - = = i
/ ¢ (7]
g 600 T / 4 O 600 _. ........
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Figure 3. Experimental and predicted curves for the benchmark tests.
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In Figure 3 the model predictions, plotted in terms
of deviatoric stress and volumetric strain vs. axial
strain, are compared with experimental data. Such
predictions match fairly well the experimental plots
for pre-peak deformations, while in the post-peak
regime they show a lower rate of softening. However,
due to localization phenomena, the steepness of the
post-peak load-displacement curve can be significantly
overestimated in laboratory tests and the softening, as
experimentally observed, cannot be regarded as a mater-
ial property. Therefore the calibration was performed
so as to achieve the best fit of test data before reaching
the post-peak regime, although numerical analyses
were in general pushed up to an axial strain of around
20%. It’s obvious that the comparison is no longer
meaningful.

In conclusion, in this study we observed that the
use of a state dependent dilatancy resulted in reliable
predictions of the volumetric response through a
unique set of constitutive parameters over a wide
range of pressures.

On the other hand, the new expression of the plastic
modulus has the advantage of embedding within a
Generalized Plasticity approach recent developments
on the isotropic compression behaviour of sands as well
as on the internal state dependence of shear strength.
The proposed formulation, although rather simple and
susceptible of further improvements, allows capturing
fairly well the peak strength conditions as well as the
overall behaviour of Venetian soils.

Further improvements should be introduced in order
to get a completely unified modelling of such natural
soils over a full range of densities and stress levels.
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Hypoplastic description of the frictional behaviour of contacts

M. Arnold & 1. Herle

Institute of Geotechnical Engineering, TU Dresden

ABSTRACT: Hypoplasticity is often used for analysing soil-structure interactions via the finite element
method. A hypoplastic description of the frictional contact between soil and structures of different roughness is
needed in order to provide a consistent modelling of the interface behaviour. Following this requirement, a new
contact model based on hypoplasticity is presented. It takes into account not only the pressure and density
effects, but also the roughness of the structure surface. Furthermore, it enables the modelling of line contacts in
2D as well as surface contacts in 3D. In addition to the hypoplastic parameters, the proposed formulation
includes the relative surface roughness and the thickness of the shear zone as additional model constants. The
results of simple shear tests are compared with calculations using the new contact formulation. An example for
the application in a boundary value problem is also presented.

1 INTRODUCTION

Hypoplastic constitutive models have been proved to
be well suited for the description of the mechanical
behaviour of soils. Numerical predictions of several
field problems demonstrated a good coincidence
between the calculated and measured behaviour.
Many geotechnical boundary value problems
deal with an interaction between the soil and the
structure. Numerical approaches for the modelling
of this interaction mostly include virtual contact sur-
faces requiring their own constitutive model. Usually,
an elastoplastic Mohr-Coulomb model is used which
yields the maximum tangential friction stress propor-
tional to the applied normal stress (see Fig. la).
However, this may be considered as an oversimpli-
fication of the contact behaviour. Whereas the
hypoplastic model of the surrounding soil takes into
account variations in stiffness and strength due to
changes of the stress level and density, the Mohr-
Coulomb description of the contact disregards these
effects. There as an inconsistency between the model-
ling of the soil and the modelling of the contact
behaviour, the latter neglecting also the experimental

evidence (see Fig. 1b).

This unsatisfactory situation initiated a develop-
ment of a new contact model based on and being con-
sistent with the hypoplastic constitutive model. The
first approach was presented by Herle and Niibel
(1999) for plain-strain conditions (line contacts) and
further extended by Gutjahr (2001, 2003). Neverthe-
less, such a model has been missing for general stress

and strain conditions (surface contacts).
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a) b)
T T
Tp= O-1an §,,, dense
loose
> >
Wiimir u u
Figure 1. Mobilisation of the tangential contact stress.

a) Mohr-Coulomb contact model b) test.

2 SOIL-STRUCTURE INTERACTIONS WITH
CONTACT SURFACES

The classical approach for the modelling of intera-
ction phenomena with the finite element method deals
with contact elements. However, a common restric-
tion on small strains implies inaccurate results for
finite relative movements.

An application of contact surfaces is a more general
approach. The authors used this approach within the
finite element code ABAQUS and implemented the
contact model via a master-slave concept. In this case,
the surfaces consist of node sets. Two surfaces are
assigned to each other as a master-slave contact pair.

In each time increment the contact condition of the
penetration of a slave node into any part of the master
surface is tested. In case of contact the normal stress is
calculated based on the penetration depth. Using the
finite-sliding formulation the master surface as well as
the slave surface may be deformed. The normal vec-
tor of the contact is determined as the perpendicular



from the slave node on the master surface. For soil-
structure interactions it is recommended to define the
surface of the structure as a master surface and the
soil surface as a slave surface.

Based on these preconditions the normal contact
stress o, the vector of the relative tangential displace-
ments of a slave node to the master surface [u, u,] and
the rates of these variables are known. To calculate the
rates of the tangential contact stresses [T, T,] a futher contact plane
development of the model by Herle and Niibel (1999)

has been undertaken. ) )
Figure 2. Global and contact coordinate systems.

3 HYPOPLASTIC CONTACT DESCRIPTION The pressure dependent void ratios are described by
n
3.1 Used constitutive formulation & _C _ % _ exp |— —uT . (4)
€i0 €co €do hs

The contact description is derived from the hypoplastic
constitutive equations for continuum. It uses the
hypoplastic version by von Wolffersdorff (1996), which

; . . . 3.2 Derivation of the contact formulation
performs well in particular for coarse-grained soils at i :

monotonic stress paths. In tensor notation it reads: A contact plane is given by the contact coordinate
system (x, y) and is put into the global coordinate sys-
T=1, fe — [FD+ T u(T D) tem (1, 2, 3) of the continuum, having x || 2 and y || 3
tr(T T) | (see Fig. 2)
M This leads for the stress tensor T to the stresses
+fdaF(T + 'i‘*)| |])||] oy = 0,01, = T,and 03 = T, in which o is the nor-
mal contact stress (compression negative) and T, as
with well as T, are the shear stresses in the 2D contact
plane. The other two normal stresses are assumed
Fo T O 11 and a— V3(3 —sinp,) 0y = 033 = o and the out-of-plane shear stress is
T’ 3 2v2sing, assumed 0,3 = 0. Thus, the stress tensor reads
Considering the Matsuoka-Nakai failure condition, T g g1z 913 | |9 Ta gy 5
the stress coefficient F is given by = | 012 022 O | = T O ®)
013 023 033 Ty 0 o
2—tan? v . . .
F= \/ tan®t) + 2-+V/2 tan ¢ cos 30 2\/ tany The strain rate tensor is described analogously. The
) strain rates £; with i € {1, 2, 3} are set to be equal to
with the strain rate &€ perpendicular to the contact. The shear
(T . strain rates £;, und €3 are obtained from yx/2 and yy/2
cos 39 = — g and tany = V3T, 5 fEquation 5 6,3 = 0 ired~This leat
[tr('i’* ] ’i‘*)] 3 ecause of Equation 5 €,3 = 0 is required-This leads
to the strain rate tensor
Pressure and density dependency are considered by . . . e
the coefficients fu o fi f3 |l S 2 2
D=|cp n 3 |=|F%F ¢ 0 (6)
e\ P e—eq \“ €13 €23 €33 g ¢
= (%) = (22) @) :
c he tensors of the relative stress T are obtained with
and T, def7,/30 and T, def 7,/30 as
. hs €0 A 1 + €; —trT I=n T é fx fy
fo=—{— = =7 Lo
n \ € e; h T (T) R I T (7
3) 0 o3
a7 -1
[3 La— a3 ( - do) w The coefficient F incorporating the Matsuoka/Nakai
€co — €do limit condition is derived to
102

Copyright © 2006 Taylor & Francis Group plc, London, UK



[ 9 3
F= 1—1(%3+f3)—§,/f3+f3

The coefficients describing pressure and density
effects f;, f, and f; can be determined using trT = 3.

The coefficient a follows from the critical state
behaviour (Herle & Niibel 1999) with critical void
ratio e = e, i.e. f; = 1. The constant volume condi-
tion during shearing in the critical state corresponds
to &, = 3¢ = 0. The stresses remain constant, thus

stress rates vanish: 6= 7, = 7, = 0.

Considering Equations 5-8, the critical state can

be described by Equation 1 as

0 &
_ fb fe F2 Yz 02 02
S li9r2 4952 2
3 z Y 2 0 0
1 — —_
S I G I
+a Tx 3 (1) (Tx%r + Tszy)
7, 0 3
1 _ _
aF | 3_ %T“‘ 27 2. o
2127, 0 1

The identical equations from the main diagonal read

2

a,_ al o
0:5(7-1%+77y'yy)+—3\/§ V2452

In case of uniaxial shearing in direction x with 7, =

¥, = 0 the parameter a comes out as

F 1 9 3

a=———=4|——=— —=.
V27, 272 8 2V2

At the critical state for perfectly rough surfaces — like
shear zones in sand — the ratio of shear stress and nor-

mal stress is limited by
T,

‘—x‘ =tany, = 3|7, .
o

Putting this into Equation 10 one obtains

a=3 ! L V3
TV 2tan?p. 8 22

In case of less rough surfaces the frictional coeffi-
cient is w <tan ¢. It is usual to define the ratio
between the maximum of interface shear stress and

the angle of internal friction (here named k )

_ 671101‘

Ty
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with 0 <k < 1. In analogy to the procedure of
Gutjahr (2001) this ratio is assumed to be valid at the
critical state, too:

= tan(kp.) = 3|7 . (14)

Instead of Equation 12 one obtaines

1 1 V3

2tan?(kp.) 8 22 (15

Equation 15 with k =< 1 makes the contact behaviour
more soft. To adjust the mobilisation of the shear
stresses to the results of contact shear tests, e.g.
Kishida & Uesugi (1987) and Tejchmann (1989), the
additional coefficient

1
fe=— (16)

K
has been introduced.
A summary of all three equations for the description
of the contact behaviour reads in vectorial notation

5
: _ fbfefc F2 Yo
Sl T Ly or24 072 2
Ty 3 z y %
1
.| 3 o
+a? T (& + e + Tyhy) 17
Ty
1
3 2 42
tfaF| 25 |y/324 2y
27, 22

3.3 Shear strains and relative shear displacements

Due to its origin in continuum mechanics, Equation
17 contains the shear strains vy; with i € {x; y}. These
strains are linked with relative displacements u;
between soil and surface of the structure via the thick-
ness of the shear zone d; (Fig. 3). In the modeling
approach with contact surfaces this thickness is only
virtual. For shear strain one can write

Uj
tany; = - (18)

‘s

The thickness of the shear zone depends on the
roughness of the surface as well as on the average par-
ticle size ds, and has been found to be 2 - ds; ...
6 - ds, for sand-steel contacts and 7 - dsq ... 20 - dsq



soil

shearing zone

surface

Figure 3. Relation between shear strains and relative shear
displacements.

for shear zones in coarse grained soils (Maier 2002;
Teichmann 1989).

Thus, additionally to eight hypoplastic material
parameters, the contact description requires to define
the coefficient of relative contact friction k as well as
the (virtual) thickness of the contact shear zone d.

3.4 Remarks on the implementation

Using the user subroutine umat . f of Niibel (1999),
the contact description has been implemented into the
user subroutine fric. £ for ABAQUS using the pro-
gramming language FORTRAN.

In each time increment the subroutine receives as
input parameters among others the contact stress rates
Ggand the rates of displacements i; from the main
ABAQUS code. Hence, Equation 17 is a mixed prob-
lem — besides of the shear stress rates 7, and 7, also
the strain rate £ perpendicular to the contact has to be
determined (Niemunis 2004). Further remarks on the
implementation can be found in Arnold (2005).

4 COMPARISON WITH RESULTS OF
CONTACT SHEAR TESTS

The contact shear behaviour has been tested in the
laboratory using standard experimental devices like
direct shear, ring torsion and simple shear apparatus.
Sometimes these devices have been adapted to the
special problem. E.g. Kishida and Uesugi (1987) have
used a special simple shear apparatus with a cross-
sectional area of the sample of 100 X 400 mm. This
apparatus has been capable to separate shear deform-
ations of the tested sand from relative displacements
between soil and solid surface.

In their tests Toyura sand has been used. The limit
void ratios e,,,, and e,,;, have been 0.98 and 0.60,
respectively. The average particle size ds, has been
0.19 mm. The initial state density index /,, corresponded
approximately to 0.9 at a normal stress of 78 kPa. The
used steel plates have had relative surface roughnesses
R4 0f2.4,20.5 und 46 pm over a length of 2.5 mm.

The calculations with the hypoplastic contact model
use the hypoplastic parameters of the Toyura sand
described by Herle and Gudehus (1999). The thickness
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Figure 4. Mobilisation of the shear stress ratio. a) Test
results of Kishida & Uesugi (1987) b) Simulation.

of the shear zone has been assumed to 10-dso, which
corresponds to the upper range of the values given
in Section 3.3. The parameter k is obtained from
Equation 13. The angle of contact friction 3,,,, fol-
lows from the maximum shear/normal stress ratio in
the experiments. The angle of peak friction ¢ is deter-
mined from the hypoplastic simulations with k = 1.

The observed frictional behaviour of contacts —
independently of the surface roughness — is character-
ized by a very fast mobilisation of the peak shear stress,
see Figure 4a. This is followed by a fast transition into
the residual state. The peak value as well as the residual
value of the shear resistance depend on the roughness
of the surface.

Figure 4b well demonstrates a good reproduction of
the test results by the hypoplastic simulation. This
includes not only the peak shear stresses but also the
transition to the residual stresses for large relative dis-
placements, which typically occur at frictional contacts.
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Vertical stresses in the soil, model test EWS15,

Figure 5.
in kN/m?.

5 APPLICATION TO A BOUNDARY
VALUE PROBLEM

The presented hypoplastic contact model has been
applied to a boundary value problem of the earth
pressure acting on a cantilever retaining wall. Several
model tests have been performed prior to the numer-
ical simulations. The model tests have been described
in detail by Arnold (2004).

The numerical simulations have had two aims. First,
to study various boundary effects during the model
tests. Second, to check the suitability of the finite elem-
ent model for further plain strain calculations.

5.1 Modelling

In order to get a realistic reproduction of the model
tests, it has been necessary to take into account
important boundary effects of the experimental setup,
including spatial effects. Thus, a 3D model has been
necessary (Figure 5).

Beside hypoplastic soil behaviour, the numerical
model has included hypoplastic modelling of the con-
tacts between soil and the wall and between soil and
the testing box, respectively. The special wall struc-
ture consisting of two non-instrumented side parts
and one middle part covered with load cells and the
layer-by-layer backfilling procedure have been consid-
ered, too. Arnold (2004) contains a detailed description
of this model.

5.2 Stresses in the soil

In the sequel, some selected results of the final stage
are presented in order to demonstrate the influence of
the contact friction.

To illustrate the stress conditions in the soil, Figure 5
shows a typical distribution of vertical stresses o,. In
this figure, the front view shows the symmetry plane
of the model test. The other vertical surfaces of the
soil continuum are the side walls of the testing box.
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Figure 6. Distribution of the contact shear stress (tangen-
tial earth pressure) at the wall stem.

The formation of stress concentrations at the end of
the wall heel and below the wall toe are well visible.
Both concentrations result from the wall rotation
away from the backfill.

In a homogenous half-space, vertical stress increases
linearly with depth due to the overburden load. In a per-
fectly smooth testing box this should be observed at the
continuum boundary, too. However, in reality a pro-
nounced decrease of the vertical stress at the soil bound-
ary appears, which is known as a silo effect. This can be
well observed at the external right boundary. It is caused
by the friction at the side walls of the testing box. Due to
the increasing overburden, soil settles during backfill-
ing. Relative movements occur between soil and walls
which mobilise shear stresses at the non-smooth walls.

A similar behaviour can be observed between soil
and the retaining wall. Also in this plane shear stresses
increase and become to tangential components of the
earth pressure on the retaining wall. Consequently, the
vertical stress at the edge between the wall stem and
the wall heel is reduced.

5.3 Distribution of the contact shear stress

Figure 6 shows the distribution of the contact shear
stress (tangential earth pressure) at the wall stem.
Vertical relative movements are caused by the back-
filling process. These movements induce vertically
oriented contact shear stresses, which increase with
the overburden load. Due to the low earth pressure at
the edge between the wall stem and the side wall (y —
Om and y — 1m), the contact shear stress becomes
small as well.

One can also observe that the deformation of the load
cells in the middle part causes horizontal deformations



with corresponding horizontal contact shear stresses.
They are oriented towards the middle part.

The inclination of the earth pressure can be calcu-
lated from the contact shear stress (tangential earth
pressure) and the normal part of the earth pressure.

s’ \/ed, et
and' = +—~

€n

(19)

and is shown in Figure 7. The earth pressure inclina-
tion varies between 0° at the bottom of the wall stem
to approximately 45° in some parts of the wall head.
The low inclination at the bottom is caused by the
small relative displacements in this area. The high
values at the top can be explained by the low stress
level, and thus by the high peak frictional angle, of
the soil at the surface of the backfill.

The earth pressure inclination is obviously not con-
stant and depends on the stress level and the relative
displacements. Nevertheless, the inclination in the mid-
dle part of the wall varies only a little bit around 30°.

6 CONCLUSIONS

The presented hypoplastic contact model enables a con-
sistent modelling of contacts between soil and surfaces
of various roughnesses. The general stress formulation
takes into the account many important effects of the
soil behaviour. In particular, the presented model has
the ability to describe the pressure and density effects of
coarse grained soils on solid surfaces with only one set
of parameters. In addition to the standard hypoplastic
parameters, the model formulation includes the rela-
tive surface roughness and the thickness of the shear
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Figure 7. Distribution of the earth pressure inclination &’
at the wall stem.

zone as additional constants. Both constants are easy
to estimate from published experimental results on
the contact behaviour.

The contact constitutive model has been success-
fully validated in simulations of direct shear tests.
Subsequently, it has been applied in a boundary value
problem of the earth pressure acting on a cantilever
retaining wall. The comparison between the results of
the model tests with the results of 3D finite element
analyses confirms a good capability of the model to cap-
ture all important phenomena of the contact behaviour.
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Micro-polar modelling of a reinforced soil structure under shearing

S.F. Tantono & E. Bauer
Institute of Applied Mechanics, Graz University of Technology, Graz, Austria

ABSTRACT: In this paper the behaviour of a reinforced soil element is numerically investigated for shearing
parallel to the rigid geogrid reinforcement using a continuum approach. A micro-polar hypoplastic model is
employed to model the essential mechanical properties of granular soil taking into account stress and couple
stress, pressure dependent limit void ratios and the mean grain size as the characteristic length. Particular atten-
tion is paid to the influence of the grain size, the initial density and the fluctuation of the rotation resistance
along the interface on the evolution of strain localization within the soil layer. The results of finite element cal-
culations show that the interaction between the granular soil and the reinforcement has a strong influence on the
deformation of the soil around the reinforcement.

1 INTRODUCTION a&\ NN %
It is experimentally evident that the interaction mech- m
anism between backfill soil and reinforcement is crucial
for the overall bearing capacity of the reinforced soil
structure. The interaction between the geogrid and the
soil is dominated by the interlocking of grain particles
within the geogrid cells, as shown in Figure 1. Under
shearing parallel to the geogrid, the displacement of
particles captured by geogrid cells is mainly dictated by
the displacement of the geogrid. If the strength of the  investigated with a continuum approach and the finite
reinforcement is sufficiently high, the shear resistance  element method. Particular attention is paid to the influ-
arises from the skin friction along the reinforcement  ence of the initial density of the soil, the grain size and
and the resistance of the soil to the bearing members of  the rotation resistance of particles along the interface
the geogrid (e.g. Ingold 1983, William & Houlihan  layer on the evolution of the shear resistance and strain
1987, Uesugi et al. 1988, Farrag et al. 1993, Bergado  localization. For a realistic prediction of the shear band
et al. 1996, Zettler 2000, Konietzky 2004). For large  thickness in the soil layer which is independent of the
shear displacements failure of the reinforced structure  assumed size of the finite elements a continuum model
occurs in the surroundings of the reinforcement where  is needed which takes into account a characteristic
the deformation of the soil localizes in narrow zones  length. To this end a micro-polar continuum or so-called
called shear bands. Experiments with sand specimens ~ Cosserat continuum is proposed which includes dis-
show that the thickness of shear bands is not a material ~ placement degrees of freedom and rotational degrees
constant and mainly depends on the grain size, the grain ~ of freedom. It was shown by Pasternak & Miihlhaus
shape and the surface roughness, the initial density, ~ (2001) that the additional rotational degree of free-
the stress state and the interaction with the chosen  dom of a micro-polar continuum arises naturally from
reinforcement. Within shear bands very sharp strain  the mathematical homogenisation of an originally dis-
gradients, pronounced volume changes, strain soften-  crete system of spherical particles with contact forces
ing and grain rotations can be observed (e.g. Oda  and contact moments. As the thickness of the shear
et al. 1982, Miihlhaus & Vardoulakis 1987, Desrues ~ band is mainly related to the grain size, another bene-
et al. 1996, Gudehus 1997, Oda & Kazama 1998). fit of using a micro-polar continuum is the possibility
In this paper the interaction between the geogrid  to relate the characteristic length directly to the mean
and the backfill soil during shearing is numerically  grain diameter.

Figure 1. Sketch of the interlocking of soil particles within
geogrid cells.
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Figure 2. Section of a reinforced soil element.

The focus of the present paper is on studying the
influence of the initial density of the soil, the grain size
and the rotation resistance on the evolution of shear
localization during the shearing of a geogrid reinforce-
ment against the soil. For the numerical investigation
a reinforced granular soil strip under a constant verti-
cal pressure is considered where the reinforcement is
assumed to be rigid and located in the middle of the
lateral infinite extended plane strip (Figure 2). The
mechanical behaviour of the cohesionless granular soil
material is described with a micro-polar hypoplastic
model (Huang & Bauer 2003). The model takes into
account anelastic material properties and the influ-
ence of pressure, void ratio, grain size, grain hardness
and grain roughness on the incremental stiffness and
volume change behaviour. By including the concept
of critical states and with a pressure dependent dens-
ity factor the model describes the essential properties of
initially dense and initially loose granular soils for a
wide range of pressures and densities with a single set
of constitutive constants. The rotation resistance of
particles along the reinforcement is modelled with the
micro-polar boundary conditions in a natural manner.
This is demonstrated for a homogeneous distribution
and a certain fluctuation of the micro-polar boundary
conditions along the interface between the granular
soil and the reinforcement.

2 THE MICRO-POLAR HYPOPLASTIC
MODEL

The kinematics of a micro-polar continuum is
defined by the macro-displacement field u; and
micro-rotations wf (i = 1, 2, 3). The rate of deform-
ation and the rate of curvature are defined as

= du/ox; + €;0f and k; = dw§/dx;, respectively,
where €k denotes the permutatlon tensor. The pro-
posed micro-polar hypoplastic model includes three
state variables, i.e. the non-symmetric Cauchy stress
tensor @, the couple stress tensor g and the void ratio
e. The evolution of the state variables are described by

the following objective rate type equations (Huang &
Bauer 2003):

Gij = fs [&2 Eij + (Ori ért + P Fort) G +
+fdfl(&ij+5§})\/émékl+ﬁkzﬁkz], (1)
fij = fs d50[a,2;ﬁij + [ (Ghi €t +
ik Bk + 2 fa ac \/ €t ért + R Ekl)]7 (2

= (14+€)ékk . Q)

with the normalised quantities: o-,j = o-,j/(rkk, o-,j o-,l
0,3, M,, Wi (dsoos), Ky = dsgr;;. Herein 6 is the
Kronecker delta and ds, denotes the mean grain
diameter, which enters the constitutive model as the
characteristic length. Function @ in Eq.(1) and factor
a. in Eq.(2) are related to the limit stress and limit
couple stress at critical states which can be reached
asymptotically under large shearing. Factor a, is
assumed to be a constant and @ depends on the inter-
granular friction angle ¢, i.e. (Bauer 2000).

. sing. [rores
“= 3+ sinp, [\/—Jr UMJM] Q)

with

8/3—3(65565) +94/3/ 5)3/2
1+g4/3/2(655 675)1/2 7

and

XS S s
0.1 O
kl Yim Y mk
g:—\/éir* ~e3\3/2
(637 077/

Herein 6% denotes the symmetrlc part of the normal-
ized stress deviator, ie. 6% = (67 + 63,)/2. The
influence of the mean pressure and the current void
ratio on the response of the constitutive equations (1)
and (2) is taken into account with the stiffness factor
f, and the density factor f;. The dilatancy behaviour,
the peak stress ratio and strain softening depends on
the density factor f;, which represents a relation
between the current void ratio e, the critical void ratio
e. and the minimum void ratio e, i.e.

fa= (=) 5)

€. — €4
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Figure 3. Decrease of the maximum void ratio e;, the min-

imum void ratio e, and the critical void ratio e, with the nor-
malized mean pressure 0 ,/hg.

where o < 0.5 is a constitutive constant. The stiffness

factor f; is proportional to the granular hardness /4,
and depends on the stress level oy, i.e.

" (%f% <_%>l (6)

with

b — 8 sin’ ¢ 1 2v2sing [ ejo —ego\®

" (3 4-singp)? 3+sinyp <ew—ed0> ’
Herein B8 > 1 is a constitutive constant. In Eq. (5) and
Eq. (6) the current void ratio e is related to the max-
imum void ratio e;, the minimum void ratio e; and the
critical void ratio e.. These limit void ratios decrease
with an increase of the mean pressure oy, i.e.

€; €4 €c Okk\p
—:—:—:exp[_(_’_) ,
€0 €do  €co ls

where e;, e, €. are the corresponding values for oy,
=~ ( (Figure 3).

The micro-polar hypoplastic model was imple-
mented in the finite element code ABAQUS and for
plane strain conditions a four-node linear element
was used to describe the displacements and Cosserat
rotations within the element (Huang 2000). For the
present numerical investigations the following mate-
rial constants for a medium sand are used (Huang &
Bauer 2003):

€0 = 12, €d0 = 051, €0 = 082’ Y= 300a
hs =190 MPa, o =0.11, 8 =1.05, n=0.4,
a.=1.0, dso = 0.5 mm (or 1.0 mm).

3 NUMERICAL INVESTIGATIONS

Due to the horizontal and vertical symmetry of the
reinforced granular soil layer (Figure 2) it is sufficient
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Figure 4: Modelling a reinforced plane granular layer with
a micro-polar continuum.

to model a small section of the infinite layer (Figure 4).
With respect to the rectangular coordinate system in
Figure (4) and for plane strain conditions the relevant
kinematic quantities are the displacements u;, u, and
the micro-rotation w$. The non-zero static quantities
are the stress components o;, 0,, 012, 01, and the
couple stress components i3 and ws,.

In all calculations a section of the granular layer
with an initial height of 4y = 4cm and a width of
b = 10cm is discretized using four node linear elem-
ents with a height of 1.25 mm. The condition of a lateral
infinite layer is modelled by applying constraint con-
ditions to the side nodes of the finite element mesh,
i.e. each node on the left boundary is controlled to
have the same displacements and Cosserat rotation as
the corresponding node with the same vertical co-
ordinate on the right boundary (Bauer & Huang
1999). At the top of the layer, i.e. for x, = A, the
boundary conditions are: u; =0, w§=0 and
gy = 0, = —100kPa. For the interaction between
the granular soil and the reinforcement it is assumed
that the grains are captured by the cell openings of the
rigid geogrid so that at the boundary x, = 0 no rela-
tive displacements take place, i.e. u, = 0 and the pre-
scribed shear displacement u,; of the reinforcement
is independent of the co-ordinate x;. This assumption
also implies that the possibility of relative displace-
ments along the surface of the geogrid as a result of
a lower skin friction is not taken into account.
Concerning the rotation resistance of particles in con-
tact with the reinforcement a homogeneous distribu-
tion and a certain periodic fluctuation of the
micro-polar boundary conditions are investigated as
discussed in the following.

3.1 Homogeneous distribution of the micropolar
boundary condition along the interface

For the case that the rotation resistance can be neg-
lected along the interface the couples stresses are
assumed to be zero at x, = 0. In Figure 5 the deform-
ation localized in the soil close to the reinforcement
is shown for an initially homogeneous void ratio
of ¢y =0.6 and after a horizontal reinforcement
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Figure 5. Contour plot of the void ratio within a reinforced
granular layer after a horizontal reinforcement displacement
of ujphy = 1.4 (dsp = 1 mm).
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Figure 6. Influence of the initial void ratio e, and the mean

grain diameter ds, on the distribution of horizontal displace-
ment uz.

displacement of u;p/hy = 1.4. The lighter strip indi-
cates a higher void ratio, which reflects a strong dila-
tancy within the localized zone. The predicted
thickness of the shear band is about 7 * ds,.

In order to investigate the influence of the initial
void ratio ey and the mean grain diameter ds, the fol-
lowing four calculations are performed:

e 0.6 0.6 0.55 0.72
dso 0.5 1.0 0.5 0.5

A comparison of the calculated horizontal displace-
ments u; across the height of the layer is shown in
Figure 6. It is obvious that the thickness of the local-
ized zone is higher for a higher initial void ratio and a
large mean grain diameter. The micro-polar rotation
are extremal at the interface, where the amount is
larger for a lower initial void ratio and a lower mean
grain diameter as shown in Figure 7.

At the beginning of shearing the mobilized interface
friction angle ¢,, = arctan(o,/0,) increases and
reaches a peak state which is higher for an initially
denser material (Figure 8). It can be observed that the
peak friction angle is not influenced by the mean
grain diameter. After the peak the interface friction
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Figure 8. Influence of the initial void ratio e, and the mean
grain diameter ds, on the distribution of the mobilized inter-
face friction angle ¢,,.

angle decreases and for large displacement of the
reinforcement it tends towards a stationary value
which is equal to the intergranular friction angle.

3.2 Periodic fluctuation of the rotation resistance

In order to model a bit-by-bit locking of particle rota-
tion a periodic fluctuation of the micro-polar bound-
ary conditions is assumed, i.e. along the interface
X, = 0 the micro-polar rotation w§ is zero within a
distance of 5mm followed by zero couple stress
within a distance of 20 mm. For an initial void ratio of
eg = 0.6, a mean grain diameter of ds; = 1 mm and a
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Figure 10. Part of a reinforced granular layer after a hori-
zontal reinforcement displacement of u;p/hy = 2 (homoge-
neous initial void ratio ey = 0.6, ds, = 1 mm, fluctuation of
the micro-polar interface boundary conditions).
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Figure 11. Distribution of micro-polar rotation w$ across

the height of the reinforced granular layer.

prescribed shear displacement of the reinforcement of
u1p/hy = 2 the results are shown in Figures 9-12. In
particular, Figure 9 shows the calculated distribution
of the micro-polar rotation for an interface section of
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Figure 12. Fluctuation of mobilized interface friction

angle ¢,, (solid curve) and average value (dashed curve) for
reinforced granular layer.

10 cm. A comparison of the contour plot in Figure 10
with the one in Figure 5 indicates that the location and
thickness of the shear band strongly depends on the
micro-polar boundary conditions at the interface. In
contrast to the results in Section 3.1, the maximum
micro-polar rotation (Figure 11) and shear strain
localization is no longer located at the interface.

The thickness of the localized zone is about 10 * ds,
and therefore larger than in the case of a constant zero
couple stress along the interface. Furthermore, a fluc-
tuation of the micro-rotation resistance leads to a
fluctuation of the mobilized interface friction angle
(Figure 12). However, in the steady state the average
value is equal to the intergranular friction angle of the
soil material.

Further numerical investigations with the assump-
tion of a smoother surface of the geogrid have shown
that the average value of the residual friction angle
decreases while the micro-polar rotation increases.

4 CONCLUSION

The deformation of a cohesionless granular soil struc-
ture resulting from shearing a geogrid reinforcement
has been studied based on a micro-polar hypoplastic
continuum approach. The constitutive model takes into
account stress and couple stress, pressure dependent
limit void ratio and the mean grain size as the character-
istic length. It is demonstrated that the initial density,
the grain size and the rotation resistance of particles
in contact with the reinforcement may have a strong
influence on the location and thickness of shear bands
when strain localization takes place. In particular the



predicted thickness of the shear band is higher for a
looser material, a large mean grain size and a higher
rotation resistance of particles along the interface. For
a lower rotation resistance within the interface the
shear localization is located closer to the reinforce-
ment. The maximum mobilized shear resistance is
higher for an initially dense granular soil but after the
peak the shear resistance decreases with advanced
shear displacements of the reinforcement and it tends
towards a stationary value which is independent of the
initial state of the granular soil. In a steady state or
so-called critical state the predicted interface friction
angle is equal to the intergranular friction angle of the
soil material provided that no relative displacements
between the geogrid reinforcement and the bounding
soil particles occur. For a fluctuation of the rotation
resistance of the particles along the interface the
mobilized friction angle varies, however its average
value is again equal to the intergranular friction angle.
Only in cases where a lower skin friction of the geogrid
surface is taken into account, is the average value of
the residual interface friction angle smaller than the
intergranular friction angle of the soil material.
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A stress-strain integration algorithm for unsaturated soil elastoplasticity
with automatic error control

W.T. Sotowski & D. Gallipoli
Durham University, Durham, United Kingdom

ABSTRACT: Stress-strain integration algorithms are a very important component in the development of
finite element codes. The use of accurate, robust and fast stress-strain integration algorithms accounts for a sig-
nificant part of the performance of a finite element code, especially when complex elasto-plastic constitutive
models are used. This paper presents the formulation of an algorithm for the stress-strain integration of the
Barcelona Basic Model, an elasto-plastic volumetric hardening constitutive model for unsaturated soils. The
proposed algorithm is based on some earlier ideas of substepping explicit integration with automatic error con-
trol. Stress-strain integration in the plastic domain is performed by using an explicit algorithm which accuracy
is improved by dividing the initial strain increment in a number of substeps. The number of substeps depends
on an estimation of the integration error that is obtained by using a modified Euler procedure. The performance
of the stress-strain algorithm is presented for different types of stress paths to assess its dependency on factors
such as, for example, the initial size of the strain increment, the error tolerance and the initial stress state. A drift
correction algorithm is also proposed and its influence on the results is evaluated.

1 INTRODUCTION algorithms for unsaturated soil were proposed by
Zhang et al. (2001) and Borja (2004).
Elasto-plastic models for soils are often presented in the Explicit algorithms have been often considered

form of non-linear differential relationships between less efficient than implicit algorithms, although they
stress and strains that need to be integrated numerically  are regarded as simpler to code and more generally
for use within finite element codes. The robustness  applicable. A new class of explicit algorithms includ-
and efficiency of such numerical algorithms affects the ~ ing error control based on a substepping method was
overall performance of the code. Integration algorithms  proposed by Sloan (1987). Explicit algorithms with
are divided into two broad groups: a) explicit algo-  error control via substepping are now widely used and,
rithms where the integrated stress is obtained using  especially for complicated elasto-plastic constitutive
the stiffness at the start of each integration step and  models, they are more robust and use less computa-
b) implicit algorithms, where the stress increment is cal-  tional resources than implicit algorithms (see Potts &
culated using the stiffness at the end of the integration ~ Zdravkovic 1999). Explicit algorithms using substep-
step (this requires an iterative approach as the values at  ping have been constantly refined during past years
the end of the step are initially unknown). Both methods  and, recently, they have been applied to elasto-plastic
are used in practice and have some advantages. models for unsaturated soils (e.g. Sheng et al. 2003a, b).
A general description of implicit algorithms may be This paper presents an algorithm for the integra-
found in Simo & Hughes (1998) where also an exten-  tion of BBM, however the concepts presented in
sive list of references is available. Implicit algorithms ~ the paper may be applied to any elasto-plastic model
for the integration of elasto-plastic models for sat-  for unsaturated soils using two independent consti-
urated soils were developed, among others, by Borja &  tutive variables, such as net stress and suction. The
Lee (1990) and Borja (1991); recently new ideas were  integration of the stress-strain relationship is achieved
presented by Wang et al. (2004) and Foster et al. (2005).  explicitly via a substepping procedure to enforce
With reference to unsaturated soils, Vaunat et al. (2000)  error control.
proposed an implicit integration algorithm including a For the sake of brevity the description of the purely
return mapping scheme for the Barcelona Basic  elastic calculations is not presented in this paper and
Model (BBM) of Alonso et al. (1990). Further implicit ~ will be discussed in a future publication by the authors.
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2 INTEGRATION OF ELASTO-PLASTIC

STRAIN

2.1 General remarks

The stress-strain integration algorithm for unsaturated
soils presented in this paper is similar to that proposed
by Sheng et al (2003a). One important difference, how-
ever, is that, in the present work, the net stress and suc-
tion are treated as two separate constitutive variables
(as in BBM) whereas Sheng et al. (2003a) use a sin-
gle constitutive stress variable, which is defined as:
¢'= Gt — m(p(uw)uw =0~ m(p(S, )u“, (1)
where ¢’ is the constitutive stress vector, oy is the
total stress vector, m’ = {1,1,1,0,0,0}, ¢(S,) is a con-
stitutive stress parameter depending upon the degree
of saturation S, and u,, is the pore water pressure. The
algorithm presented in this paper is instead used for
integration of constitutive models for unsaturated
soils depending on the net stress vector o, defined as
o = 0, — m - u, (where oy, is the total stress and
u, is the air pressure), as well as suction s, defined as
s = u, — u,, (Where u, is the pore air pressure). These
are also the standard constitutive variables used in
various unsaturated soil models such as BBM.

The algorithm described here is explicit and uses
a substepping procedure to achieve automatic error
control during numerical integration according to the
concepts first introduced by Sloan (1987). The algo-
rithm integrates over an “extended” strain step {Ag,,
As,} incorporating the conventional strain increment
vector Ag,, as well as the increment of suction As;.
These increments are automatically divided into a
number of substeps, small enough to ensure the desired
integration accuracy. It is also assumed that the change
of suction in each substep As is proportional to
the change of strain Ag, i.e. As/Asm[ Agi/Asgij o The
integration error in each substep is estimated as the
difference between the two stress increments cal-
culated by using the elasto-plastic stiffness matrix
corresponding to the stress states at the beginning and
the end of the substep respectively. Based on such
estimate of the error, the size of the next substep is
calculated.

2.2 Integration of elasto-plastic substep

In each substep involving elasto-plastic deformation,
the net stress increment Ao is calculated from the
strain substep Ae = AT*Ag,, and the suction substep
As = AT*As,,, (AT is a scalar). The yield function F
and plastic potential G are defined in terms of the net
stress o, suction s and hardening parameter p;":

F=F(o,s,p,)=0 2
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G =G(o,s,p,) =0 A3)
The plastic strain increment is given by:
dspl :xaG(casapo) (4)

Jdo

where \ is the plastic multiplier. The volumetric plas-
tic strain increment def! = de;P' + dey,?! + dey P is
related to a change of the hardening parameter p,"
according to the following equation:

*

P
dp, = Py

oe™

v

de”

®)

The consistency condition to be satisfied by all incre-
mental quantities is:
] ds +(

)2

The differential form of the stress—strain relationship
for BBM, is given by:

oF
Jdo

oF
Js

oF

dp, =0 (6)
apo ]

K, ds
+s

do =D%de =D (de —de” 1

0

at

where D¢ is the elastic tangent matrix calculated at the
beginning of the increment, de is the strain increment,
deP! is the plastic component of the strain increment, kg
is the swelling index associated to suction change and p,;
is atmospheric pressure. Introducing (4) into (7) gives:

K.ds
Py t8

do = Dde —ap< 25@&SP) _Lpa, (8)

J6 3
After introducing (8) into (6) and noting that trans-
position of a scalar variable coincides with the scalar
variable itself, the following relationship is obtained:

(De,ds—De] a—G(G’S’pO)X—lDeI = ]
(] 3 pal+S
9
OF) OF  OF . ©
| — | +=—ds+—dp, =0
J6 0s ap,

As dpy is a function of the plastic volumetric strain
increment as indicated in (5), then:

oF oF Y op,
[ap:; ]dp° (apo Iaef‘ ]“ o



and, after expressing de,”! as:

9G(a,s,p,)

3
de? =) de? =Am”
v g ii m ( J6

|

9G(a,s,p,)
Jo

an
the following result is obtained:

AR ) o

Introducing (12) into (9), N can be expressed as:

OF
p,

OF
p,

p,

oe”

*

0

_ a'Dde+ [c - aTD"lb]ds

A
g4 (13)
where:
a—F =a lm L = a—F =
Jo s 3 Pa +s s ,
E)I*: ai"lmT 9G _ d 9G _ g
apo agi’ do aG

In the integration algorithm the infinitesimal incre-
ments in the above equations (densoted by “d”) are
approximated with finite increments (denoted by “A”).
Please note that equation (13) is different from the
corresponding equation given in Sheng et al. (2003a)
due to different assumptions made about the constitu-
tive variables, as previously discussed.

Having computed the plastic multiplier A, the stress
increment is calculated from (8), the volumetric plas-
tic strain increment is calculated from (11) and the
hardening parameter increment is obtained from (5).

2.3 Evaluation of integration error

In each substep the algorithm calculates: a) two values
of the stress increment, Ao; and Ao, b) two values
of volumetric plastic strain increment AeP!; and
Ae, P, and c) two values of the hardening parameter
increment Ap) and Apy.

The increments with subscript equal to 1 are calcu-
lated according to the equations given in the previous
section and using values of the stress and hardening
parameter at the start of the increment:

Ao, = Acl(As, As,co,p;)

. . . (14)
Ap,, =Ap,, (Aa: As,6, po)

The increments with subscript equal to “2” are calcu-
lated according to the same equations but using values
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of the stress and hardening parameter at the end of
the increment. Note that the values at the end of the
increment are calculated by using the increments from
equation (14):

Ao, = Ao, (As,As,oO +Ao, p; + Ap;_l)

. . . . (15)
Ap,, =Ap,, (AS’AS’GO +46,,p, +Ap,, )

Equations (14) and (15) define an interval of values
containing the exact integration of these increments.
The best estimates of the stress increment Ao and the
hardening parameter increment Ap, are taken as the
average of the corresponding two values defined above:

Ag =201 tAT, (16)
2
. Apy, +Ap,
Ap) = po,lz Po.2 a7

The maximum integration error for the stress incre-
ment is therefore calculated from the previous expres-
sions for each of the stress components as:

E; =050, -Acy,| 1,j=123 (18)
The relative error R is defined as:
Ry= — ia j= 1a2,3

"lacy (19)

This is not sufficient to ensure that the relative error
in shear stress q, crucial for soil behaviour, is limited.
This is why also Eq and Ry is defined:

= Eq

q

) R

E, =maxqq1 “Amia |92 ~ Dmia

>

(20)

mid — qO

In the formula above q, is the initial shear stress
corresponding to the stress state oy and q,q2,qmiq are
shear stresses calculated for corresponding stress states
oy + Aoy, 0y + Ao, and o + 0.5(Ao; + Ao,). In
the calculations the highest value of R is used:

R=max(R”,RZZ,R33,R12,RI3,RZ3,Rq) 21

Equations (18) and (19) provide an estimate of the
maximum potential error occurring during integra-
tion; however the actual error is usually significantly
smaller than these values.

Control of the integration error is enforced by
imposing that R in equation (19) is equal or smaller



than a user defined substep tolerance SSTOL. If
R > SSTOL, the current substep is rejected. Regardless
of whether the current substep is accepted or rejected,
anew substep size is calculated by the algorithm with
the coefficient AT, given by:

AT,

new =BAT (22)

where AT defines the current size of the substep and
B is a coefficient; 3 is smaller than 1, if the step is
rejected, or equal/greater than 1, if the step is accepted.
In this way the substep size is continuously adapted to
enforce a magnitude of the maximum possible rela-
tive error R close to SSTOL.

The error estimate associated with the new substep
size can be approximated as:

v =B’E (23)
Substituting equation (19) into equation (23) and
imposing that the maximum relative error in the next
substep is equal to the tolerance SSTOL, it is possible
to calculate an approximated value of B as:

SSTOL
R

e

Equation (24) relies on the approximation Ac = A,
Because of this approximation, 3 is usually further
reduced by a user defined scalar factor £ as:

SSTOL

P= R

&

25

In the subsequent examples a value £ = 0.9 is used.

2.4 Drift correction

Because of the approximation involved in the use of
explicit integration, the stress state at the end of each
substep does not lie on the yield locus. This phenom-
enon is known as yield surface drift and it requires a
numerical correction to enforce consistency. Drift
correction tends to become less of an issue as the tol-
erance used for the control of the integration error
becomes stricter. The drift correction technique used
in this work is similar to that advocated by Potts &
Zdravkovic (1999) for saturated soil models.

The drift correction procedure is used when, after
a successful substep (i.e. a substep where the integra-
tion error R is smaller or equal than the tolerance
SSTOL), the stress state does not lie on the yield locus
within a set tolerance. In the present algorithm a nor-
malized yield function is used for BBM, similarly to the
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normalized function proposed by Sheng et al. (2000)
for the Cam-clay model. Employing a normalized yield
locus ensures that the set tolerance is independent of
the magnitude of the stress state.

Before integration, the initial stress state o lies on
the yield locus at point A in the stress space and there-
fore F(oa,50.p0n) = 0. After calculating the stress
increase Ao, as explained in the previous section, the
stress state changes to oy = 05 + Ao moving to
point B of the stress space. and is not any longer on
the yield locus, i.e. F(og,sp,pop) # 0. The drift cor-
rection algorithm imposes a change of the elastic
strain Ag® (by maintaining unchanged the strain Ag,
i.e. Ae® = —AeP)), which results in the correction of
the stress state to point C lying on the yield locus. The
yield locus equation after correction will therefore be:

F(0c.8.poc) =F(0; +Ad,8.py +Ap)) =0 (26)
where Ao and Ap, are the corrections to the stress
state and hardening parameter respectively and no
correction to suction is applied as explained below.
After expanding (24) in Taylor series we obtain:

oF oF
F(6.,5,pyc) = F(64,5, pOB)+( ] Ac +a—As
+ 81*: Apy +...
0
(27
where the stress change Ao is:
Ao = Ac(Ae?) =D Ae® =—DAg" = Delk (28)

After substituting (28) and (13) into (26), neglecting
second order terms and above and noticing that the
change of suction As is equal to zero (as suction
change is proportional to the variation of strain Ag
which remains unchanged) the following expression
for \ is obtained:

_ F(65,5,Pos)
B_F D oG dF ap0 m’ 9G(e,s,p,) (29)
do 96 dp, o&” do
The stress state in point C is then equal to:
oG
6. =0, - AD" — (30)

do

In the unlikely situation when, after the first correc-
tion, the stress state still lies outside the yield locus,
the above algorithm is performed again until the



stress state is mapped back onto the yield locus within
the set tolerance. The derivatives and stiffness matrix
appearing in the above equations may be calculated
either at point A or at point B. The effect of calculating
those quantities at different points of the stress path
during each substep is discussed later in the paper.

3 VALIDATION OF PROPOSED
INTEGRATION ALGORITHM

3.1 Overview

To validate the algorithm results from number of sim-
ple cases with existing theoretical solution were com-
pared to the solutions given by the algorithm. In all
the cases a Barcelona Basic Model (BBM) developed
by Alonso et al. (1990) was used. Although the theor-
etical solution (see equation 14) allows for a non-
associated flow rule, as originally proposed by Alonso
etal. (1990), in validation of the code and in all exam-
ples an associated flow rule was used. The parameters
of the model in each case were the same: Shear
Modulus (constant) G = 20MPa, elastic stiffness
parameter for changes in net mean stress k = 0.02,
elastic stiffness parameter for changes in suction
ks = 0.008, atmospheric pressure p,,, = 100,000 Pa,
parameter describing the increase in cohesion with
suction k = 0.6, stiffness parameter for changes in
net mean stress for virgin states of the soil (with suction
s = 0) AM(0) = 0.2, parameter defining the maximum
increase of soil stiffness with suction g = 0.00001,
reference stress p, = 10,000 Pa, starting specific vol-
ume at means stress p = p° and suction s =10
N(0) = 1.9, critical state line slope M = 0.5. The ini-
tial preconsolidation stress for saturated condition p;
was set to 200,000 Pa and initial suction s used was
equal to 100,000 Pa.

3.2 Test case 1 — isotropic loading of a sample
subjected to drying

The test simulates isotropic loading of a preconsoli-
dated and partially unloaded sample. The sample
was initially in isotropic stress state with the mean
stress p = 350,000 Pa. The sample was subjected to
strain change Ae= {0.05,0.05,0.05,0,0,0} and suc-
tion increase As = 100,000 Pa. Created algorithm
showed good convergence to the theoretical solution.
(please refer to Fig. 1 & Table 1)

3.3 Test case 2 — oedometric test at variable
suction

The test simulates oedometric test with drying of a
sample during a test. The sample was in isotropic
stress state at the beginning of the test with mean
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Figure 1. Comparison of the algorithm solutions obtained
for different values of substep accuracy SSTOL with the the-
oretical solution (no drift correction).

Table 1. Comparison of drift correction algorithms.

Test Integration SSTOL Number Number  Relative

case at: value  of steps of drift Error

[%] corrections (comparing

to the theory),
for mean stress
p and shear
stress q [%]

1 A 30 4 36 0.252"

1 B 30 28 177 1.006"

1 - 30 4 - 2.59"

1 A 10 10 109 0.669"

1 B 10 10 175 0.724"

1 - 10 10 - 0.490"

1 A 1 104 1040 0.0920"

1 B 1 104 1137 0.0929"

1 - 1 104 - 0.0274"

1 A 0.1 1043 6543 0.009229"

1 B 0.1 1043 6598 0.009238"

1 - 0.1 1043 - 0.002744"

2 A 30 30 161 0.0581/1.152

2 B 30 30 180 0.0451/1.059

2 - 30 26 - 0.570/0.555

2 A 10 59 286 0.0124/0.472

2 B 10 59 309 0.0105/0.465

2 - 10 56 - 0.292/0.0922

2 A 1 423 1306 4.22E-04/0.0585

2 B 1 423 1338 4.88E-04/0.0585

2 - 1 419 - 0.0414/0.00187

2 A 0.1 4026 4432 2.4E-05/0.00647

2 B 0.1 4026 4436 2.5E-05/0.00647

2 - 0.1 4022 - 0.00499/6.0E-04

“for test case 1 only error in p is given as q = 0.

stress p = 350,000 Pa. Sample then was subjected to
strain change Ae = {0.05,0,0,0,0,0} and suction
increase As = 100,000 Pa. Again a very good agree-
ment of the data from the algorithm with the theoret-
ical solution was found (see Fig. 2 and Table 1)

4 INFLUENCE OF DRIFT CORRECTION
ALGORITHM

The choice of the drift correction algorithm influ-
ences the accuracy of the result. As mentioned in
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Figure 2. Comparison of the theoretical e-q path with the
solutions from the algorithm for different values of substep
tolerance SSTOL (no drift correction).

point 2.4 two implementation of the algorithm are
possible. In one case the derivatives and the elastic
matrix are calculated at the beginning of the substep
(point A), in the other in forbidden space at point B
(neither solution is rigorous). To check the influence
of the drift correction algorithm, both cases were
implemented. Results show little difference, but in
extreme cases when, because of crude accuracy, very
few steps accompanied by multiple iterations of drift
correction algorithm were computed (see Table 1). In
such case calculating all the derivatives at point A was
often advantageous and resulted in more accurate
results and/or in less iteration needed to converge to
the yield locus. Such uncommon amounts of iter-
ations of drift correction algorithm were performed
because of artificially set very strict tolerance for a
stress state to be considered as being on the yield
locus. These results are in a good agreement with data
presented by Potts & Zdravkovic (1999). In table 1 are
also included the values obtained without the drift
correction algorithm (indicated with “—). As the cor-
rection of the stress state in the algorithm proposed is
artificial and not rigorous, although in result the
stress state is returned back to the yield surface, in
some cases the overall accuracy may be decreased.

5 CONCLUSIONS

The paper presents an algorithm for the numerical
integration of the differential stress-strain relation-
ship in BBM. The algorithm uses explicit integration
and incorporates a substepping procedure for control-
ling the integration error. The methodology outlined
in the present paper can also be applied to other
unsaturated elasto-plastic models expressed in terms
of two different constitutive variables, e.g. net stress
and suction.

The difficulties in estimating the numerical inte-
gration error have been highlighted. It has been shown
that the bound (maximum) error, as in equation (19),
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significantly overestimates the actual error and
therefore the level of accuracy is considerably greater
(see also Gear 1971) than the tolerance SSTOL. This
implies that the algorithm uses a larger number of
substeps than what is required to achieve accuracy
equal to SSTOL.

Different implementations of the drift correction
algorithms have also been presented and discussed. It
might seem somewhat surprising that in some cases
(see Table 1) the use of the drift correction algorithm
reduces the integration accuracy with respect to simi-
lar cases when no drift correction is applied. However,
in most examples (including some not presented in
this paper) the drift correction procedure proved to be
useful and helped to improve integration accuracy.
The examples presented here are rather basic which
may explain why the algorithm without the drift cor-
rection works equally well. Results also show that simi-
lar levels of accuracy are obtained regardless whether
the stiffness and the derivatives in the drift correction
algorithm are calculated at the end or at the beginning
of the substep.

The main advantage of the proposed algorithm lies
in controlling the numerical integration error for BBM
below a given tolerance set by the user. The algorithm
also appears to be robust and yields accurate results
for different types of stress paths (some not presented
in this paper). Current research at Durham University
is focusing on the application of the algorithm to
advanced constitutive models proposed recently to
link the mechanical behaviour to the retention proper-
ties of the soil, e.g. Gallipoli et al. (2003).
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hardening model for structured clays
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ABSTRACT: The paper presents the implicit numerical integration by a Generalised Backward Euler algorithm
of a mixed isotropic-kinematic hardening model for structured clays. In the first part the main characteristics of the
model are presented. This is followed by the description of the return mapping algorithm which allows the model to
be implemented in finite element codes, ensuring numerical accuracy and stability requirements to be satisfied. In
the final part of the paper, numerical simulation of single element tests are illustrated.

1 INTRODUCTION

The mechanical response of natural clays is charac-
terised by highly non-linear behaviour, memory of the
past strain-history, evolving anisotropy, non-coaxiality
and, when cemented, mechanically induced bond degra-
dation phenomena. In recent years a number of consti-
tutive models have been proposed to mathematically
describe these features, often being characterised by
complex formulations leading to non-trivial problems in
their numerical integration. On the other hand, accuracy
and stability are recognised as crucial requirements in
the development of any integration algorithm for realis-
tic material models, in order to ensure the necessary
computational correctness and efficiency in their use
within Finite Element codes.

The paper describes a fully implicit stress-point
algorithm for the numerical integration of a single sur-
face mixed isotropic-kinematic hardening plasticity
model for initially bonded clays. The model is charac-
terised by an ellipsoid-shaped yield function, inside
which a stress dependent reversible stiffness is accoun-
ted for by a recently proposed non-linear hyperelastic
formulation. The isotropic part of the hardening law
extends the standard Cam-Clay one to include plastic
strain-driven softening due to bond degradation, while
the kinematic hardening part controls the evolution of the
position of the yield surface in the stress space. This
latter hardening term is formulated in such a way
that along radial stress paths the centre of the yield
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surface initially moves to then achieve a stabilised
position, corresponding to the imposed direction of
the path.

A Generalised Backward Euler algorithm is
proposed for the numerical integration of the consti-
tutive model. The return mapping algorithm is for-
mulated in the space of elastic strain and internal
variables, leading to a system of 14 unknowns and
corresponding non-linear equations. The solution
is achieved iteratively by means of the Newton’s
method. The proposed algorithm allows the consis-
tent linearization of the constitutive equations guar-
anteeing the quadratic rate of asymptotic convergence
in the global level Newton-Raphson iterative proce-
dure. The accuracy and the convergence properties of
the proposed algorithm are evaluated by numerical
simulations of single element tests and represented by
iso-error map.

In the following the soil mechanics sign comr-sntion
is assumed and all stresses are effective stresses. Bold-
face letters are used to represent tensor quantities of any
order. The symbol 1 is used for the second-order identity
tensor: (1);; = 0. Stress and strain states will also be
represented using invariant quantities as: p = (o:1)/3
and ¢ = \3/2 |s| to respectively indicate mean stress
and deviatoric stress, €, = €:1 and &, =\2/3 |e| to
respectively indicate volumetric and deviatoric strain.
The deviatoric part of the stress and strain tensors are
represented by s = o — p1 and e = € — (g,/3)1. The
symbol | | indicate the L, — norm.



2 CONSTITUTIVE MODEL

2.1 Elastic behaviour

The reversible behaviour is described by a hyperelastic
formulation recently proposed by Houlsby et al. (2005).
The adopted free energy potential and the corresponding
complementary energy have the following expressions:

D n 2-n
F(g,,e )= "% k> (1-n)in
(0ue)= " k2 (1= .
x{kev2+—3g s\z}mn
1-n
1

" @

where p, is a reference stress corresponding to the
atmospheric pressure, while n, k and g are dimensionless
experimentally determined parameters. The first and
second derivative of (1) with respect to elastic strain
(£°) provide the corresponding stress state (o) and
elastic stiffness (C°), respectively.

2.2 Elastoplastic behaviour

The elastic domain is defined by the convex set
E, = {(0, q)|f{o, qQ) < 0}, where the internal vari-
ables set q = q (a, og) define the dimension and the
position of the yield function f:

1
f(o,a,ck)—cz(s si):(s—sy) )

+(p_p1< )2 —a’

The geometrical representation of the yield surface in
the stress space o = (p, s) is an ellipsoid centred at
point K with co-ordinates oy = pxl + si.

The isotropic hardening rule controls the size of the
yield surface while the kinematic hardening governs the
motion of the yield surface in the stress space. The
former is a modified version of that originally proposed
by Kavvadas & Amorosi (2000) in their Model for
Structured Soils:

a :a[iilzéf -£ exp(—n‘_s“,’)é“,’ W
~& exp(-m,el)al | =7h

It is composed by two volumetric terms and a devia-
toric one. The first volumetric term is similar to the
standard Modified Cam-Clay hardening law, while
the following terms account for the volumetric and
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deviatoric strain induced structure degradation (debond-
ing) by means of two separate exponential damage-type
form. The volumetric strain induced destructuring is
controlled by &4 = [&¢].

During plastic deformation the centre K of the
yield surface moves as follows:

. a a
6K=—ck+y/—{s—;(is,<} 5)
a a Pk

where y and i are parameters. It is formulated in such a
way that along radial stress paths the centre of the yield
surface initially moves to then achieve a stabilised posi-
tion, corresponding to the imposed direction of the path.
Finally, the loading/unloading criterion is expressed by
the Kuhn-Tucker complementary conditions y = 0,
Ao, o, ) <0, f(0, a, ) = 0, leading to the stan-
dard consistency condition for the plastic multiplier y
as expressed by y flo, a, og) = 0.

3 IMPLICIT NUMERICAL INTEGRATION

A Generalized Backward Euler algorithm is adopted to
integrated the constitutive model (e.g., Simo & Hughes,
1997) according to previously published works (Amo-
rosi & Boldini, 2003; Germano, 2005). It is formulated
in the space of the elastic strain and internal variables
for a general time step At between [, ¢, ] over which
an increment of total strain Ag,,; = V'(Au,,) is
assigned. Firstly, the elastic predictor problem is solved
by freezing the plastic flow:

erial __ e
gn =8, + Asnﬂ

pitrial _ o p
g —&,

trial __
o, =Q, 6
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Kn+l = VK.
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If the consistency condition is satisfied £, (a7,

ol o-f{fZ’ + 1) <0, the process is declared elas-
tic,otherwise a plastic correction is required. In this

case a system of 14 non-linear equations:
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in the 14 unknowns (€517, @11, Cxoni1’s AYpiq} is
solved iteratively by means of Newton’s method.

In order to maintain the quadratic rate of asymp-
totic convergence that characterises the application of
the iterative Newton’s method at the global level in a
FE code, the consistent elasto-plastic tangent modu-
lus has to be defined accordingly to the local integra-
tion algorithmic scheme. The described integration
algorithm allows the consistent tangent operator to be
computed in closed form. The following expressions
is obtained in the elastic strain space:
de;

ntl e ntl

0s,,,
n+l e trial
de (8)

- erial
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n+l n+l

_ 0o
T bg

n+l
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4 NUMERICAL EXAMPLES

The accuracy, stability and convergence properties of
the proposed algorithm are evaluated by numerical
simulations on one 3D-cubic FE element. The follow-
ing material parameters have been adopted in all the
numerical analyses: ¢ = 0.816, A = 0.097, £ = 0.01,
n=0.5 p=1kPa, k=500, and g=375. The
global and the local tolerance (i.e., the tolerance for
the convergence at the integration point level) are
both set equal to 10710,

Figure 1 shows the response in terms of stress (Fig.
1b) to a closed strain cycle (Fig. 1b), applied in elas-
tic region: the adopted hyperelastic formulation
ensures that no energy is dissipated, i.e. a conserva-
tive response is obtained.

Figure 2 shows the influence of the time step
dimension on the results of a radial path test from an
initial isotropic state of stress given by p = 75kPa,
q = 0kPa and a = 150kPa and the yield locus cen-
tered on the isotropic axis. After two p-constant steps
necessary to bring the state of stress on the radial path
characterized by a stress ratio n = 0.4 (p = 75kPa,
g = 30kPa), a total increment of Ap = 900kPa and
Ag = 360kPa is applied in 120, 60, 30 and 15 steps,
respectively. During this stage the kinematic harden-
ing is activated (y = 1.0, x = 4.0) while the destruc-
turation process is switched off. The results, given in
terms of stress path (p-q curve) (Fig. 2a), location of
the yield locus center (px-qx curve) (Fig. 2a) and
compression curve (e-log p curve) (Fig. 2b), demon-
strate the high accuracy of the proposed algorithm
even for large step sizes.

Starting from the final state of the radial stress
path, a isochoric axisymmetric test is performed by
applying a total deviatoric strain of 15% in 1000, 100,
20 and 10 steps, respectively (Fig. 3).

In these analyses the kinematic hardening is set off
and the destructuration process is activated for values
of the deviatoric degradation parameters equal to
&, =5 and n, = 10, with the volumetric degradation
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Closed stress and strain cycles in the elastic

parameters set equal to zero (£, = m,, = 0). The plastic
strains are initialized back to zero at the begin of the
tests. The stress path (Fig. 3a) and the stress-strain
curve (Fig. 3b) are characterized by a slight strain-soft-
ening before reaching the critical state: this is due to
the activation of the destructuring process. Even in this
case the error introduced by increasing the dimension
of the step size is remarkable low. The local quadratic
convergence profiles for the isochoric axisymmetric
test performed in ten steps, are plotted in Figure 4.
The convergence profiles of the global Newton
iterations for three selected steps of the radial stress
path test performed in 15 steps (Fig. 2) are reported in
Figure 5. The convergence is evaluated with reference
to the largest residual norm of the equilibrium iteration
normalized with respect to its initial value. The results
clearly provide evidence of the asymptotic quadratic
rate of convergence of the algorithm at the global level.
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Figure 2. Radial test with = 0.4: influence of time step
dimension.

The satisfactory performance of the algorithm is
confirmed by the iso-error map shown in Figure 6,
obtained by applying linear combinations of volumet-
ric and deviatoric strain increments starting from the
following initial conditions: p = 138 kPa, ¢ = 92kPa,
o = 100kPa and the yield locus centred on the isotropic
axis. In the analysis all the material parameters are
activated (§, =10, m, =15 &=35, m,=10,
¢ = 1.0, x = 4.0). The iso-error map confirms that
the error is remarkably low.

5 CONCLUSIONS

In conclusion, this paper outlines the development of
a new constitutive model for natural clays and its
implicit numerical integration. The work has been
aimed at obtaining a balanced compromise between
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step dimension.

a sufficiently accurate description of the mechanics
of natural clays and a robust numerical algorithm
to be adopted in the solution of Boundary Value
Problems.

It is finally worth remarking that the proposed
model, differently from other recently published ones
(e.g., Tamagnini et al., 2002; Foster et al., 2005), is
developed in the general stress/strain space, to
account for the directional properties that might
develop in anisotropically compressed clayey materi-
als. As such, both the model and the related implicit
algorithm here described are characterised by an
enhanced level of complexity as compared to those
based on invariant formulation.
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ABSTRACT: This paper focuses on the influence of the initial void ratio on the evolution of the passive earth
pressure and the formation of shear zones in a dry sand body behind a retaining wall. For the numerical simu-
lation a rigid and very rough retaining wall undergoing a horizontal translation against the backfill is con-
sidered. The essential mechanical properties of granular soil is described with a micro-polar hypoplastic model
which takes into account stresses and couple stresses, pressure dependent limit void ratios and the mean grain
size as the characteristic length. Numerical investigations are carried out with an initially medium dense and an
initially loose sand in which a certain random distribution of the initial void ratio is assumed. The geometry of
calculated shear zones is discussed and compared with a corresponding laboratory model test.

1 INTRODUCTION

The earth pressure on retaining walls belongs to a clas-
sical problem of soil mechanics. In spite of intense the-
oretical and experimental research on this problem over
more than 200 years, there are still large discrepancies
between theoretical solutions and experimental results
due to the complexity of the deformation field in granu-
lar bodies near the wall caused by the localization of
deformations. Realistic earth pressures can only be cal-
culated with continuum models which are able to
describe the formation of shear zones with a certain
thickness, i.e. the constitutive model has to be endowed
with a characteristic length of the micro-structure.
Otherwise, finite element results are completely con-
trolled by the size and orientation of the mesh and thus
produce unreliable results, i.e. element size becomes
the characteristic length, the shear zones become nar-
rower upon mesh refinement and computed force-
displacement curves change considerably depending on
the thickness of the calculated shear zone. The experi-
mental results show that the thickness of shear zones in
granular materials depends on many different factors
such as: pressure level, void ratio, mean grain diameter,
grain roughness, grain hardness, surface roughness and
the stiffness of the surrounding structure in contact with
a granular body. In the localized shear zones, grain rota-
tions, couple stresses, large strain gradients and volume
changes and void ratio fluctuations occur (e.g. Oda et al.
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1982, Mihlhaus & Vardoulakis 1987, Desrues et al.
1996, Gudehus 1997, and Oda & Kazama 1998).

In this paper the formation of the pattern of shear
localization in a cohesionless soil behind a vertical
retaining wall undergoing a horizontal translation
against the backfill is numerically simulated with the
finite element method. In order to model strain local-
ization in the soil a micro-polar continuum or so-called
Cosserat continuum is used which takes into account
two linked levels of deformation: micro-rotation at the
particle level and macro-deformation at the structural
level. A characteristic length occurs which can be
directly related to the mean grain diameter. When shear-
ing takes place, the Cauchy stress tensor becomes non-
symmetric. Pasternak & Miihlhaus (2001) demonstrated
that the additional rotational degree of freedom of a
Cosserat continuum arises naturally by the mathemat-
ical homogenisation of an originally discrete system
of spherical grains with contact forces and contact
moments. Ehlers et al. (2003) showed that a particle
ensemble has the character of a micro-polar Cosserat
continuum: the couple stresses naturally result only
from the eccentricities of the normal contact forces. For
the investigation in the present paper a micro-polar
continuum model based on the framework of hypoplas-
ticity is used which is apt to model anelastic material
properties and the influence of pressure, void ratio,
grain size, grain hardness and grain roughness on the
incremental stiffness and volume change behaviour



(e.g. Bauer & Tejchman 1998, Huang & Bauer 2003,
Tejchman & Bauer 2005a, 2005h, Tejchman 2001, 2002,
2004a, 2004b, 2006). The emphasis of the present
investigation is on the influence of the initial void ratio
on the evolution of shear zones and the development of
the resulting passive earth pressure behind the retaining
wall under a plane strain condition. For the initial state,
a random (spatially non-correlated) distribution of the
void ratio is assumed to take into account the void ratio
fluctuation as an inherent property of nature soil skel-
etons. The calculated geometry of shear localization is
compared with the experimental results of a model test.
The computed earth pressure coefficients are compared
with formulas based on slip surface mechanisms.

2 MICRO-POLAR HYPOPLASTIC MODEL

For the continuum modeling of granular materials
hypoplasticity represents an alternative to elasto-plastic
formulations (e.g. Kolymbas 1991, Wu & Kolymbas
2000, Bauer & Herle 2000). In contrast to elasto-plastic
models, the decomposition of deformation components
into elastic and plastic parts, yield surface, plastic
potential, flow rule and hardening rule are not needed.
Hypoplastic models are apt to take into account effects
of barotropy (dependence on pressure level), pyc-
notropy (dependence on density), dilatancy, contrac-
tancy and material softening (e.g. Wu & Bauer 1993,
Wau et al. 1996). Critical states are also included, i.e.
states in which the granular body can be deformed con-
tinuously at a constant stress and a constant volume
under a certain rate of deformation (Bauer 2000). A fea-
ture of the model is a simple formulation and procedure
for the determination of material parameters with stand-
ard laboratory experiments. The parameters are related
to granulometric properties encompassing the grain
size distribution curve, shape, angularity and hardness
of the grain ensemble (e.g. Bauer 1996, Herle &
Gudehus 1999). Thus one set of material parameters is
sufficient to reproduce the essential behaviour of granu-
lar materials within a large range of pressures and
densities. For the present investigations of strain local-
ization a hypoplastic model based on a micro-polar
continuum is used. In a micro-polar continuum each
material point has translational degrees of freedom and
rotational degrees of freedom. The gradients of the rota-
tion are connected to curvatures which are associated
with couple stresses. The occurrence of couple stresses
leads to a non-symmetry of the stress tensor and the
presence of a characteristic length. In the present model
the characteristic length is directly related to the mean
grain diameter of the granular material. In the following
it is assumed that the state of the granular material is
determined by the stress tensor o, the couple stress ten-
sor w and the void ratio e. Within the framework of
micro-polar hypoplasticity the evolution of these state
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quantities is described by the following objective rate
type equations (e.g. Tejchman & Gudehus 2001,
Tejchman & Bauer 1996, 2004):
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where &ij is the Jaumann stress rate, /jij the Jaumann
couple stress rate, € the rate of the void ratio, dsy the
mean grain diameter, &y = oj/oy the normalized
stress, 6% = &5 — 8j/3 the deviatoric part of the nor-
malized = stress, &;; is the Kronecker delta,
Mg = gl (dsg o), the normalized couple stress and
kij = dsp k;j the scaled rate of curvature. Function a in
Eg. (1) and Eq. (2) is related to the intergranular fric-
tion angle ¢y, i.e.
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The dilatancy behaviour, the peak stress ratio and
strain softening depends on the density factor fj,
which represents a relation between the current void
ratio e, the critical void ratio e; and the minimum void
ratio ey, i.e.

f(1=<

The stiffness factor f; is proportional to the granular
hardness h;, i.e.
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In (5) and (6) the current void ratio e is related to the
pressure dependent maximum void ratio e;, minimum
void ratio ey and critical void ratio e, i.e.

-(-2y].

The constitutive model requires the following nine
material constants: hg, n, €jo, €40, €co, Pc; @, dsg and ag.
The parameters hg and n are estimated from a single
isotropic compression test with an initially loose speci-
men. The internal friction angle at the residual state ¢
is determined from the angle of repose or measured in
a triaxial test with a loose specimen. The void ratios ej,
€40 and e are related to the maximum, minimum and
critical values at zero mean pressure. The constant « can
be calibrated from the peak friction angle obtained in a
triaxial or biaxial test with a dense specimen. The
micro-polar constant a, can be found with comparative
numerical studies of shearing of an infinite narrow
layer (Tejchman & Gudehus 2001). For the present
investigations the following material constants for a
fine quartz sand are used: hy = 190MPa, n = 0.5
o = 1.3, 840 = 0.51, 6o = 0.82, o, = 30°, 8, = a™ %,
a = 0.3and dsp = 0.5mm.
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3 NUMERICAL INVESTIGATIONS

For the numerical investigations the same size of the
sand body is used as for the laboratory test performed
at Karlsruhe University by Gudehus & Schwing
(1986), i.e. an initially height of H = 200mm and a
length of L = 400mm. In the case of plane strain
each point in a micropolar continuum has three
degrees of freedom, namely two displacement
degrees of freedom and one rotational degree of free-
dom (Figure 1). Quadrilateral finite elements com-
posed of four diagonally crossed triangles are applied
to avoid volumetric locking due to dilatancy effects
(Groen 1997). Linear shape functions for displace-
ments and the micro-rotation are used. The height of
the retaining wall located on the right side of the sand
body is assumed to be h = 170 mm. The calculations
are carried out with large deformations and curva-
tures using the updated Lagrange formulation. The
initial stresses are generated for a K,-state without
polar quantities. The top of the sand specimen is trac-
tion and moment free. The vertical retaining wall and
the bottom of the sand specimen are assumed to be
stiff and very rough, i.e. there are no relative dis-
placements and micro-rotations along the vertical and
horizontal surfaces. A uniform horizontal translation
u of the wall against the backfill is prescribed. In
order to investigate the influence of the initial density
calculations with an initially medium dense sand and
an initially loose sand are carried out. For the initial
state a random distribution of the initial void ratio is
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X1

Figure 1. Degrees of freedom in the plane strain micro-
polar continuum: uy, u, displacement degrees of freedom
and w° rotational degree of freedom.
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Figure 2. Deformed FE-mesh with distribution of void

ratio for an initially dense sand after a wall translation of u/h
= 0.07 (light and dark areas correspond to a small and a
large void ratio, respectively).

assumed to enhance and promote the whole process
of the shear zone formation. The fluctuation of the
initial void ratio is an inherent property of natural soil
skeletons and it is usually more marked for loose than
for dense skeletons (Nubel & Huang 2004).

For the initially medium dense state (v,
16.58 kN/m®, e, = 0.65) the mean initial void ratio is
distributed according to €, = 0.60 + 0.1 r, wherer is
a random number within the range of (0 <r =<1).
The results obtained from the finite element calcula-
tion are shown in Figures 2-6 In particular Figure 2
shows the deformed mesh with the distribution of the
void ratio after a wall translation of u/h = 0.07. The
darker region indicates a higher void ratio, which is
related to a significant dilatancy of the material in
zones where shear localization takes place. Zones of
shear localization are also indicated by the appearance
of micro-rotations. The evolution of the micro-rotation
in three different states of the wall displacement is
shown in Figures 3-5, where the micro-rotation is
marked by circles with a diameter corresponding to
the magnitude of the rotation in the given state. The
material starts to generate micro-rotations and to
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Figure 3. Deformed FE-mesh with distribution of micro-
rotation for an initially dense sand after a wall translation of
u’/h = 0.01.
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Figure 4. Deformed FE-mesh with distribution of micro-
rotation for an initially dense sand after a wall translation of
u’/h = 0.02.
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Figure 5. Deformed FE-mesh with distribution of micro-
rotation for an initially dense sand after a wall translation of
u/h = 0.07.

Figure 6. Shear zones in a sand specimen observed in
experiments by radiographs (Gudehus and Schwing 1986).
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dilate at three different locations: at the wall base, the
wall top and the free surface boundary on the left
side. For a small wall translation a pronounced shear
localization can only be detected at the bottom
(Figure 3). The onset of this horizontal shear zone is
forced by the base of the wall. Strong dilatancy and
high particle rotations occur from the beginning of
the wall translation. The following inclined shear
zone goes upwards, becomes straight and reaches the
free surface boundary. It becomes dominant in the
course of deformation (Figures 4-5). For larger wall
displacements two additional radial shear zones
appear. One starts from the wall top and the other one
from the transition area between the horizontal shear
zone to the inclined one (Figure 5) but both are not
fully developed at u/h = 0.07. The dominant shear
zone starts from the base and it has an inclination of
about 40°. A comparison of Figure 2 with Figure 6
shows that the calculated geometry of shear zones is
in agreement with experimental observations at
Karlsruhe University by Gudehus & Schwing (1986).

In order to investigate the behaviour for an initially
loose state of the sand material (y, = 14.22kN/m®,
e, = 0.90) the mean initial void ratio is distributed
according to &y = 0.85 + 0.1 r, where r is a random
number within the range of (0 <r < 1). The results
obtained from the finite element calculation are shown
in Figures 7-8. In contrast to the initially dense sand the

Figure 7. Deformed FE-mesh with distribution of void ratio
for an initially loose sand after a wall translation of u/h = 0.07
(light and dark areas correspond to a small and a large void
ratio, respectively).

A0

Figure 8. Deformed FE-mesh with distribution of micro-
rotation for an initially loose sand after a wall translation of
u’/h = 0.07.



material shows compaction but the void ratio distribu-
tion does not indicate a clear shear band after a wall
translation of u/h = 0.07 (Figure 7). However, a closer
inspection of the distribution of the micro-rotation
shows the appearance of at least three shear zones: a
horizontal shear zone starting from the wall base, fol-
lowed by a slightly curved and inclined zone spreading
between the bottom of the wall and the free boundary,
and one radially oriented diffuse shear zone starting at
the top of the wall. A comparison of Figure 5 with
Figure € shows that for the same horizontal wall trans-
lation the magnitude of the micro-rotation in the
inclined shear zone is smaller for the initially loose state
than for the dense one. In turn the thickness of the
localized zone is larger for the initially loose state.

Figure 9 presents the evolution of the normalized
horizontal earth pressure force versus the normalized
horizontal wall displacement for both the initially
dense and the initially loose state of the material. The
force E;, is calculated as the integral of the mean hori-
zontal normal stresses from quadrilateral elements
along the retaining wall. For the initially loose state of
the material (Figure 9.a) the horizontal force acting
on the wall increases continuously. The maximum
earth pressure coefficient is K, = 2E,/(v, h?) = 6.9
atu/h = 0.07.

Based on slip line mechanisms and for the assump-
tion of a rough wall the passive earth pressure coeffi-
cientis: K, = 10.1 for the single slip line and K, = 7.6
for the passive log-sandwich mechanism (Chen 1975)
atd = ¢, = 30° with respect to the wall friction angle
3 and the internal friction angle ¢, in the critical state.
For the initially dense state (Figure 9.b) the horizontal
earth pressure increases, reaches a maximum at about
u/h = 1% and after the peak it shows softening. The
high maximum earth pressure coefficient of K, = 15.8
is caused by the high peak friction angle of the dense
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Figure 9. Resultant normalized earth pressure force

2E/(y, h?) versus normalized wall displacement u/h for : (a)
initially loose state, (b) initially dense state.
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material. With respect to the pressure dependent density
factor in Equation 5 the constitutive model predicts a
peak friction angle which is higher for a denser material
and a lower stress level. Considering the small height
of the sand body the mean pressure obtained from the
gravity load is very small, which for the initially dense
sand leads to a friction angle of about ¢, = 40°—43°.
The maximum earth pressure obtained in the present
calculation is much lower compared to the predictions
based on slip line mechanisms. In particular for the
internal peak friction angle of ¢, =42° and the
assumption of a wall friction angle of 8 = 30° the earth
pressure coefficient is K, = 31 for a single slip line
mechanism and K, = 20 for the passive log-sandwich
mechanism. The earth pressure coefficient is high due
to the assumption of a very rough wall. In turn for & =
(2/3) @ = 28° one obtains: K, = 25 for a single slip
line and K, = 19.2 for the passive log-sandwich mech-
anism. In this context it should be noted that the actual
peak friction angles in the shear zones are not known
in advance as they strongly depend on the initial and
boundary conditions of the entire system. The different
friction angles also occur along the same shear zone.
Furthermore the numerical calculations also show that
different friction angles are mobilized in the various
shear zones at the same time. Therefore, it is difficult
to obtain realistic earth pressures with a conventional
earth pressure theory.

4 CONCLUSIONS

The evolution of shear localization, dilatancy, micro-
rotation and earth pressure behind a very rough and
rigid retaining wall undergoing a horizontal transla-
tion against the backfill under plane strain condition
is numerically investigated with the finite element
method and a micro-polar hypoplastic continuum
model. The following conclusions can be drawn:

The proposed micro-polar hypoplastic approach is
capable of capturing the complex patterning of shear
zones in the granular body behind the retaining wall.
The predicted geometry of shear zones are qualita-
tively in agreement with the experimental results of a
model test. Shear zones are clearly indicated by
micro-rotations for both initially dense and initially
loose states of the material. The thickness of the
localized zone is higher for the initially loose mater-
ial. For the initially dense material strong dilatancy
develops during passive wall translation within the
localized zones. Herein dilatancy is accompanied with
areduction of the resulting earth pressure. In turn com-
paction of the material is observed in the case of the ini-
tially loose material. The earth pressures significantly
change with the wall displacement. Conventional earth
pressure mechanisms with slip surfaces are roughly
reproduced. Realistic earth pressure coefficients can be
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obtained with the actual values of internal friction
angles. The maximum passive earth pressure strongly
depends on the initial density and the pressure level.
The peak friction angle for an initially dense material
and a low pressure level can be very high, which leads
to a high maximum earth pressure. After the peak the
earth pressure is reduced with continuous passive
wall translation. For the initially loose material the
earth pressure increases during passive wall translation
and shear localization takes place without a reduction
of the resulting earth pressure. Thus, the global mater-
ial softening is not always necessary to obtain shear
localizations whose formation mainly depends on the
boundary conditions of the entire system.
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ABSTRACT: The Finite Element Method (FEM) has become quite popular among geotechnical engineers as a
numerical tool to analyse embankments, foundations, excavations and tunnelling projects. It is realised that the
accuracy of the computational results depend on the kind of soil model being used and the selection of the cor-
responding model parameters. Gradually, the use of more advanced models that are capable of describing more
features of soil behaviour increases. However, a feature that has been neglected in most practical applications thus
far is the high stiffness at small strain levels (<1075). Even in applications that are dominated by ‘engineering
strain levels’ (>10~%) small-strain stiffness can play an important role. It may be considered common know-
ledge that conventional models usually over-predict the width and under-predict the gradient of the settlement
trough behind excavations and above tunnels. Small-strain models can improve this. In a recent study on this
topic it was evaluated if the introduction of small-strain stiffness would improve the applicability of the FEM in
this respect for excavations and tunnelling analysis. The small-strain model itself was developed and validated in
another study (Benz, 2006). The results as presented here show that small-strain stiffness is not only relevant to the
aforementioned issues, but it also makes finite element solutions less sensitive with respect to the dimensions of the
numerical model.

1 INTRODUCTION One feature of soil behaviour that was still missing
in the HS model is the high stiffness at small strain
The accuracy of deformations predicted by geotechnical  levels (<1075). Even in applications that are dominated
finite element calculations depends in particular on the by ‘engineering strain levels’ (>10~%) small-strain stiff-
type of soil model being used and the selection of the  ness can play an important role. It is generally known
corresponding model parameters. Over the years, much  that conventional models over-predict heave in excava-
research has been performed on development, improve-  tion problems. These models also generally over-predict
ment and implementation of constitutive models for  the width and under-predict the gradient of the settlement
soil. As a result, advanced soil models have become  trough behind excavations and above tunnels when
available in finite element computer programs, taking ~ compared to empirical data as published by Peck (1967)
into account more and more aspects of soil behaviour.  and Mair & Taylor (1997). Small-strain stiffness can
Most finite element users nowadays recognize the  improve this. Moreover, small-strain stiffness can
advantages of soil models like the Plaxis Hardening  reduce the influence of the particular choice (position)
Soil (HS) model with its stress(path)-dependent stiffness  of the finite element model boundaries, which makes
behaviour. Despite the larger number of stiffness param-  the results of FEM calculations more objective and
eters that have to be entered, the parameter selection is  (presumably) more reliable.

easier than for simplified models, because of the clear In this contribution some results are presented that
meaning of the individual stiffness parameters inthe HS ~ demonstrate the advantages of the use of small-strain
model. stiffness in a constitutive relationship for soils.
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2 SMALL-STRAIN STIFFNESS MODEL

Recently, the Plaxis HS model (Schanz, 1998) was
extended with small-strain stiffness. The small-strain
stiffness formulation is based on research by T. Benz
at the Federal Waterways Engineering and Research
Institute (BAW) in Karlsruhe, and supervised by the
Institut fir Geotechnik of the University of Stuttgart
(Benz, 2006; Benz et al., 2006). The extended HS
model, named HSsmall, has been implemented in a
special Plaxis version 8.3. The extra information that is
needed for the small-strain stiffness formulation comes
from S-shaped curves where the shear modulus, G, is
plotted as a (logarithmic) function of the shear strain, vy,
ranging from very small strain levels (vibrations) up
to large strain levels. The S-curve is characterised by
the small-strain shear modulus, Gy, and the shear
strain at which the shear modulus has reduced to 0.7
times Gg (7yg7); Figure 1. These two parameters are
the only extra parameters compared to the original
HS model. In fact, it has been demonstrated by com-
paring S-curves of several different types of soil that the
particular shape of the S-curves does not change much
and that vy, ; is generally around 107*. G, generally
ranges from around 10 times G, for soft soils, down to
2.5 times G, for harder types of soil, where G,, = E,,/
(21 + v ).

The decay of the shear stiffness depends on the
amount of shear strain as depicted in Figure 1. A good
approximation is given by Equation 1.

Gy

G=——"7—
l+ayly,

>2G

@

ur

The constant a is set to 0.385 to arrive at the best
fit (central line Figure 1). It should be noted that the
curve shows the secant shear modulus, not the tangent
shear modulus. Another fact is that the curve reaches
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Ak PR
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Figure 1. S-curve for reduction of shear modulus with

shear strain.
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far into the plastic domain. As the HSsmall model is
an overlay model, the shear modulus is bounded by
a lower limit, G, of the original HS model. When
combined with the HS model, the apparent secant
modulus will reduce further due to plasticity. As for the
original HS model, plasticity occurs due to an isotropic
shear hardening surface and an isotropic cap hardening
surface.

The model is primarily meant for shear stiffness
reduction. The bulk modulus is calculated from the shear
modulus using a fixed elastic Poisson’s ratio.

_2(1+v) G

= )
3(1-2v)

So far, only continuous loading was considered but in
practice the stiffness increases when the loading direc-
tion changes. For a full 180 degrees’ load reversal, the
stiffness is supposed to restart at its maximum. For a
new strain path that is in between a continuation in the
same direction and a full load reversal, an intermediate
(interpolated) stiffness is assumed. Therefore, the small-
strain stiffness model memorizes the *deviatoric’ strain
history and uses a generalised shear strain parameter to
evaluate to what extend the loading direction deviates
from the strain history. On the basis of this information it
is determined which stiffness should be used. More
details about the precise formulation of this gener-
alised small-strain stiffness concept can be found in
Benz (2006).

3 EXCAVATION PROJECT

To analyse the influence of small-strain stiffness, the
HSsmall model was used in a characteristic excav-
ation project. The soil and project data are based on a
benchmark problem as defined by Schweiger (2005).
Further results of this benchmark are also considered
elsewhere in this conference (Schweiger, 2006).

An excavation to a total depth of 6m in lightly
overconsolidated clay is performed in three stages of 2m
each. A diaphragm wall is installed to retain the soil
beside the excavation. After the first excavation stage
a strut with an axial stiffness EA = 1.5-106kN/m is
installed at a depth of 1.5m below ground surface.
The water table is 4 m below ground surface. In between
the second and third excavation stage, the water table in
the excavation is lowered to 6 m below ground surface.

The length of the diaphragm wall is not defined in the
original benchmark, but is assumed here 10 m. The
wall has an axial stiffness EA = 2.4-107kN/m, a flex-
ural rigidity El = 1.28-105kNm?/m and a Poisson’s
ratiov = 0.18. Interface elements are used to model the
wall-soil interaction.



The soil was modelled using the simple Mohr-
Coulomb (MC) model, the more advanced Hardening
Soil (HS) model and the small-strain stiffness model
(HSsmall), respectively. The corresponding model

parameters are listed in Table 1.

Figure 2 shows the finite element mesh composed of
15-node cubic strain elements. Only one half of the
excavation is modelled. The mesh clearly shows the
excavation stages and the retaining wall. The other
‘horizontal’ and “vertical’ mesh lines are used with
appropriate ‘boundary’ conditions to analyse the influ-
ence of various positions of the model boundaries. The
initial stress field was generated using a Kq-value of 0.5

and an OCR-value of 1.0.

Table 1.  Soil model parameters.
Parameter MC HS HSsmall  Unit
Unsaturated 19.0 19.0 19.0 KN/m?
weight
Saturated 200 200 20.0 KN/m?
weight
Poisson’s 0.3 0.2 0.2 -
ratio v
Young’s 30000 kN/m?
modulus E
Eoed™ 20000 20000 KN/m?
Ego™f 20000 20000 kN/m?
Eu™ 60000 60000 KN/m?
Gy 75000 kN/m?
Yo7 1107% -
Power 0.5 0.5 0.5 -
Ref. pressure  100.0 1000  100.0 KN/m?
Cohesion ¢ 100 100 10.0 kN/m?
Friction 27.5 27.5 275 °
angle ¢

Dilatancy 0.0 0.0 0.0 °
angle

Interface 0.7 0.7 0.7 -

strength factor

Figure 2.
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Finite element mesh of the excavation project.

Figure 3 shows the results after full excavation using
the HSsmall model with boundaries at x = 35m and
y = —20m. According to Peck (1969), the width of
the settlement trough behind a retaining wall in rela-
tively stiff soils extends to a maximum of two times the
excavation depth (here 12m). This corresponds well
with the results of the HSsmall model. Calculations with
the other models show a significant over-prediction of
the width of the settlement trough (see Figure 4). The
standard HS model gives more settlement (about
7 mm) than the HSsmall model (about 5mm). This is
because the average stiffness in the HS model is lower
since this model does not take the high small-strain
stiffness into account. The calculation with the MC
model shows a little heave of the wall and a very wide
settlement trough, which is quite unrealistic.

Variations with the position of the bottom boundary
show significantly different deformations when using the
MC model and (to a lesser extend) when using the HS
model. The HSsmall model is rather insensitive for the
position of the bottom boundary, as can be seen from
Figure 5. Obviously, the largest settlement is obtained
for the shallowest model, since this will give the least
heave.

Variations with the position of the right-hand bound-
ary show relatively little influence for all three models,
although it may be argued that the boundary at x = 20m
is too close to obtain reliable results.

Figure 3. Deformed mesh (scale factor 200) using the
HSsmall model with boundaries at x = 35mandy = —20m.
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Figure 4. Settlement [m] as a function of the distance
behind the wall [m]. Comparison for different models.
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Figure 5. Comparison of settlement trough for different
model depths using the HSsmall model.

4 TUNNELLING PROJECT

The second application that was used to analyse the
influence of small-strain stiffness is a characteristic
shield tunnelling project in lightly overconsolidated
clay. The same soil models and parameters are con-
sidered as in the excavation project (see Table 1). The
water table is 4m below ground surface. Figure 6
shows the finite element mesh with a circular tunnel
(D = 8m) at a mean depth zo = 16 m below ground
surface (zo/D = 2). Again, mesh lines with appropriate
‘boundary’ conditions are used to analyse the influence
of various positions of the model boundaries.

The excavation of the tunnel is simulated in three
calculation phases according to the ‘grout pressure
modelling” procedure (Van Jaarsveld et al., 1999). In the
first phase, the tunnel shield is installed and the soil
inside the tunnel is excavated. In the second phase the
shield is deactivated and a grout pressure is applied
around the tunnel contour. The grout pressure
200 kN/m? at the top of the tunnel and 280 kN/m? at the
bottom (gradient 10 kN/m?/m). In the third phase the
tunnel lining is installed and the pressure around
the tunnel contour is removed.

Both the tunnel shield and tunnel lining have stiff-
nesses EA =1-10'kN/m and EI = 1-10°kNm%m,
which is equivalent to a continuous concrete lining of
0.35m thickness.

Figure 7 shows the results at the end of the calcu-
lation process using the HSsmall model with bound-
ariesatx = 35mand y = —30m. According to Mair
& Taylor (1997) the point of inflection of the settle-
ment trough (where 60% of the maximum settlement
is found) should be about equal to the tunnel diameter
D or half the mean depth z; (both 8m). The MC
model shows relatively low settlements with a point
of inflection around x = 5m (Figure 8), which is in
contrast with what is usually found. This can be
explained by the large amount of heave, which is
quite unrealistic in this case. The HS model gives a
relatively large settlements with a point of inflection
near X = 10m. In this case the settlements are con-
sidered to be over-predicted. The HSsmall model
gives a realistic settlement trough with a point of
inflection just over x = 8 m. Variations with the position

Copyright © 2006 Taylor & Francis Group plc, London, UK
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Figure 7.
HSsmall model with boundaries at x = 35mandy = —30m.
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Figure 8. Settlement [m] as a function of the distance from
the tunnel axis [m]. Comparison for different models.

of the bottom boundary show that the HSsmall model
is again rather insensitive for the position of the
boundary (Figure 9). Variations with the position of
the right-hand boundary show relatively little influ-
ence for all three models, although it may be argued
that the boundary at x = 20m is again too close to
obtain reliable results.
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Figure 9. Comparison of settlement trough for different
model depths using the HSsmall model.

5 CASE: THE 2ND HEINENOORD TUNNEL

The 2nd Heinenoord tunnel was the first large diam-
eter bored tunnel in the Netherlands. For that reason,
parallel to the tunnel construction a research and
monitoring project was undertaken that left us with a
lot of data that can be used for validation; e.g. see
Bakker (1999).

During construction on both banks of the river Oude
Maas, measurements where taken of surface settlement
in a number of cross sections; for this study those at the
north Bank were taken as characteristic.

On the North Bank of the oude Maas, the geology
mainly consisted of a number of more or less loose
sand and clay layers. During passage of the TBM, up
to a distance of about 7 m, i.e. about one diameter of
the TBM ahead of the machine, negligible settlements
were observed. During passage of the TBM the settle-
ments rapidly increased up to its maximum that was
reached at about 30m behind the face of the TBM.
For a characteristic curve see Figure 10. The cross-
sectional distribution of the settlements is given in
Figure 11.

During the first passage of the field the maximum
settlement varied between 22 and 37 mm, whereas
during the second passage a maximum settlement
between 7 and 17 mm was observed.

The contribution of front effects to the settlement
was considered very limited, also during passage of the
more clayey and peaty monitoring field at the South
side. The settlements given in Figures 10 and 11 are
more or less characteristic for the settlements observed
during the project.

After evaluating both predictions and measure-
ments there was some disappointment about the FEM
predictions, though the agreement with the empirical
models by Peck (1969) was reasonable. The FEM
analyses with Mohr-Coulomb predicted a much too
wide and shallow settlement trough, discounting for
the volume loss of about 0.8 to 1.0 % that was back cal-
culated from the cross-sectional volume of the settle-
ment trough at soil surface; see Figure 11.

In the years thereafter, soil models improved, the HS
model was introduced and in addition to that within the
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Figure 10. Development of green field settlements above
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predictions with Mohr Coulomb model.

context of the design for the North-South Metroline in
Amsterdam it was found that the boundary conditions
applied to model the volume loss have a major influence
on the width of the settlement trough.

Changing the contraction type of boundary condi-
tion by grout pressures that corresponded to the
measurement at various different shield tunnel pro-
jects in the Netherlands gave a large improvement for
the prediction of the width of the settlement trough;
see Van Dijk & Kaalberg (1998) and Van Jaarsveld
et al. (1999). Further browsing through the literature in
the period between 1995 and 2005, the over-prediction
of the width of the settlement trough by finite element
analysis was observed more generally, and a number
of possible causes for the difference between calcu-
lated and measured width of the settlement trough are
named, see Mair (1997).
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1. A higher Kg-value such as due to over- consolidation
may lead to a wider settlement trough, whereas
normal consolidation would narrow the trough.

2. Anisotropy; The effect of a lower horizontal stress
in comparison with the vertical stress, may also
result into a lower horizontal Young’s modulus.
This effect is named as a feasible cause for nar-
rowing of the settlement trough.

3. Small-strain stiffness; the use of an averaged
Young’s modulus in most of the numerical models
might lead to an under-estimation of the soil stiffness
in areas further away from the tunnel. Differrent
studies indicate that a higher stiffness and an earlier
development of plastic straining might also lead to
narrowing of the settlement trough.

In this study we have compared different models: HS
with contraction, HS grout pressure and HSsmall in
combination with the the grout pressure model. For the
comparison we have taken the same geology of the
2nd Heinenoord tunnel as was taken and published by
Bakker (2000). The mesh used is indicated in Figure 12.
In Figure 13, the results of different calculations are
given, indicating that the best fit was derived with a
combination of the HSsmall model and the grout
pressure modelling. The grout pressure assumed here is
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Figure 12. 2nd Heinenoord tunnel mesh used for back

analysis.
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Figure 13. Comparison of measured and calculated
surface settlements for various modelling alternatives.
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142 kN/m? at the crest of the tunnel and increasing
8 kN/m%m in depth, corresponding the measurements;
see also Van Jaarsveld et al. (1999).

In Figure 14, the overall deformation distribution
is given, indicating the localisation of the deform-
ations above the tunnel.

6 CONCLUSIONS

This paper demonstrates the advantages of the use of
small-strain stiffness in a non-linear constitutive rela-
tionship for soils on the basis of finite element calcula-
tions of a characteristic excavation project and a shield
tunnel project. Both projects were calculated with three
different models (including the small-strain stiffness
model HSsmall). Emphasis was put on the (width of the)
settlement trough behind the excavation and above the
tunnel. Moreover, the influence of the position of the
model boundaries was analysed using model boundaries
at different depths and distances from the excavation
and tunnel. On the basis of the computational results, the
following conclusions can be made:

1. The HSsmall model gives realistic settlement
troughs behind retaining walls of excavations and
above shield tunnels, due to the small-strain stiff-
ness effect. In shield tunnelling projects it is essen-
tial to perform calculations according to the grout
pressure modelling procedure.

2. Small-strain stiffness also gives a more realistic
(= reduced) heave of the tunnel and excavation
bottom. Neglecting small-strain stiffness results in
unrealistically large heave.

3. When using the HSsmall model, results are relatively
insensitive with respect to the position of the model
boundaries. This is also tributed to the small-strain
stiffness effect. Nevertheless, a reasonable minimum
distance from the problem considered needs to be
taken into account.
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Figure 14. Deformation contour lines due to tunnelling.
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Further, the results of the measurements at the 2nd
Heinenoord tunnel were taken as input for a number of
comparative calculations that indicate that the use of
small-strain stiffness, i.c. the HSsmall model, further
improves the agreement between measurements and
numerical calculation.
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ABSTRACT: This paper focus on numerical analysis of strain and stress holding stage realized during a pres-
suremeter test. The aim of this study is to highlight the effect of the viscous behavior of soft clay on the response
of the soil during this kind of tests. In this way different simulations are performed using to model implemented
in the finite element code Plaxis: the soft soil model, which is an elastoplastic model, and the soft soil creep
model which is an extension of the soft soil model that take into account creep behavior of the soil. The effects
of consolidation and creep on the tests results are pointed out.

1 INTRODUCTION In a second part, the models behavior used in this study
are briefly presented. The first one take into account
The pressuremeter is widely used in foundation engi-  only consolidation, and the second one take into account
neering to derived parameters of soil behavior.  both consolidation and creep behavior. Finally, numer-
Concerning soft clay, the behavior is time dependant.  ical simulations of strain and stress holding are
Several reserchears are studied in the past the effects  performed using the two models. The effects of con-
of time of shearing on the undrained characteristics of ~ solidation and creep are pointer out.
soil (Skempton and Bishop 1954, Bjerrum 1972, Vaid
and Campanella 1977, Sheahan et al., 1996).
The pressuremeter test (cavity expansion test) gen- 2 OBSERVED BEHAVIOR OF CLAY DURING
erates a non homogeneous stress field in the soil near PRESSUREMETER TEST
the probe. Hence, depending on the rate of loading and
on the permeability of the soil, partial drainage can  The pressuremeter behavior of a natural clay, the Saint
occur and induces changes of the mechanical proper-  Herblain clay, was investigated in laboratory using
ties of the material. Previous studies have identified  special equipment named “pressio-triax” (zentar et al.,
the drainage conditions reached in the soil during this ~ 2001). This equipment allow simulating self boring
kind of test (Fukagawa et al., 1990, Rangeard et al.,  pressuremeter test in a triaxial cell. The pressio-triax
2003). This time dependent behavior depends on two  offer the possibility of measuring the pore water pres-
phenomena: the viscous part of the soil behavior, and  sure evolution near the probe during the test.
the consolidation of the soil around the probe. The mechanical characteristics and the permeability
In this paper, our aim is to study the effect of con-  of the clay, derived from triaxial and one dimensional
solidation and creep on the response of the soil during  consolidation tests, are listed in Table 1.
strain and stress holding test stage realized during a Several pressio-triax tests with strain holding test
pressuremeter test. stage and stress holding test stage were preformed on
In a first part, experimental result of strain and stress ~ Saint Herblain clay. In figure 1, the results of a strain
holding test realized on a natural soft clay are presented. ~ holding test stage was presented in term of excess

Table 1. Characteristics of Saint Herblain clay.

€ w (%) i (KN/m?) va (KN/m?) k (m/s) Ce c, Ce o/l ¢’(kPa) ¢’

2,3 88 14,8 8,2 1070 1.85 0.03 0.03 1,1 0 30
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Figure 1. Normalized excess pore pressure dissipation

curve and normalized stress evolution during experimental
strain holding test stage.
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Figure 2. Normalized excess pore pressure dissipation
curve and normalized cavity strain evolution during
experimental stress holding test stage.

pore water dissipation and total radial stress at the
cavity wall Ao, evolution with time. In figure 2, the
result of a stress holding test is presented. The evolu-
tion of the cavity strain 3, is normalized by the value
of the cavity strain at the start of the stress holding
test (in this case, 8,,; = 5%).

Regarding to this typical result, different conclu-
sions on the soft clay behavior during strain and stress
holding test could be drawn:

— There is an important dissipation of the excess pore
pressure generated during the loading stage of the
test. This dissipation begin quickly after the begin-
ning of the strain holding test

— The pore pressure seem to reach a stabilized value
higher than the initial pore pressure

— During the strain holding stage, an important relax-
ation of the total stress at the cavity wall occur

— During the stress holding stage, the cavity strain
increases at a constant rate with the logarithm of
the time.

Copyright © 2006 Taylor & Francis Group plc, London, UK

3 NUMERICAL SIMULATION OF
PRESSUREMETER TEST

3.1 Constitutive models and parameters

In this paper, numerical simulations are performed
using the finite element code: PLAXIS BV. To highlight
the creep effects as the consolidation effects on pres-
suremeter tests, two constitutive models, implemented
in PLAXIS, were assumed to predict realistically the
behavior of natural soft clay. The first model is an elasto-
plastic model, called the Soft Soil Model (SSM) and the
second one, called the Soft Soil Creep model (SSC), is
an extension of SSM model which includes time and
strain rate effects. SSC model compared to SSM model
introduces only one additional input parameter.

The Soft Soil Model is inspired in it’s major parts
from Modified Cam-Clay model as described by
Burland (1971). In the Soft Soil Model, the volumet-
ric strain e, is used to describe the soil behavior
instead of the void ratio e as in the Modified Cam-
Clay model. For virgin isotropic compression and
swelling line, the SSM model yields to:

'

g, —€,=AIn I?
b (M)
€. —¢€y :K*lnp—v
Po

The relationship between SSM model parameters
A* and k* and corresponding parameters in Modified
Cam-Clay model \ and k is expressed as:

x*zlL
+e
ok 2
K =—o0
l+e

The yield function is an ellipse in the (p’-q) plane,
and the failure is described by the Mohr Coulomb cri-
terion, and so by the parameters ¢’ and ¢'.

The Soft Soil Creep model implemented in
PLAXIS, is an extension of the SSM model that take
into account the creep effects.

The creep effects are introduced by the modified
creep parameter w* which can be related to creep
index C, by:

. Cu 5
 In(10).(1+¢) ®)

p

The total volumetric strain &, due to an increase in
mean effective stress from p’j to p’ in a time period
t, + t" is expressed as the sum of an elastic part £°, an a
visco-plastic part &\P. The visco-plastic component is
separated into a part during consolidation P, and a
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Table 2.  SSM and SSCM parameters used in this study.

'

A* K * c ¢ M  OCR
(kPa)
0244  0.014 0.011 0. 30° 1.2 1
P

part after consolidation &P,.. The expressions of the
different volumetric strain are expressed as follow:

] “4)

Complete description of this two models can be
found in Brinkgreve and et al. (1998).

In Table 2, parameters values used to simulate pres-
suremeter tests are summarized. Those values of the
parameters are derived from laboratory tests performed
on the Saint Herblain soft clay.

vp

_ o€ vp
g, =g, +el +e

e
£, =K ln(

VvV ac

v oac

] el =\ —K*)ln(

Pl

0

p

'

Po

3.2  Geometry and boundary conditions

Regarding to the pressuremeter geometry, the test is
modeled as an axy-symmetric problem. In this case,
previous studies have shown that, for a probe witha L/D
ratio higher than 6 (where L is the length of the probe
and D the diameter) the test results are similar to those
obtain considering plane strain conditions (Houlsby &
Carter, 1993). For pressuremeter test simulations in soft
soil with typical characteristics of Saint Herblain clay, a
typical value of the ratio b/a about 30 (where b is the
outer radii, a the initial probe radii) is sufficient to model
the condition of infinite medium (Zentar et al., 1998).

Considering plane strain conditions, a unit height of
soil are modeled. In terms of boundary conditions, the
vertical displacements of the horizontal boundaries
(sides A and B) are prevented whereas horizontal dis-
placement could develop freely. A constant pressure
corresponding to the horizontal stress in the ground is
applied on the outer vertical boundary (side C, figure 3).
The pressuremeter loading is modeled by applying
incremental displacement of the cavity wall (inner
boundary, side D). By the way, a pressuremeter test
realized at constant strain rate is simulated.

3.3 Simulation of the cavity expansion test

The simulation of the expansion test was done previ-
ously using the two models SSM and SSC model
(Rangeard et al., 2004). In this study, the authors inves-
tigated the effect of strain rate on the pressure-
meter curve. Firstly, the authors showed that the creep

Copyright © 2006 Taylor & Francis Group plc, London, UK
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Figure 3. Finite element geometry.
100 £ ———SSM (o)
. U] S S B A SSM (AU)
S —e——SSC (o))
< - -© - -SSC (AU)
4 3

104
Strain rate (%/min)

100

Figure 4. Strain rate effect on pressuremeter and pore
pressure curve using SSM and SSC model.

parameter w* of the soft soil creep model influenced
the total stress response, but had no effect on the gen-
erated excess pore pressure.

Then, it was shown that, using the soft soil model,
the strain rate had an influence only in a limited range of
strain rate values and, using the SSC model, the strain
rate had an effect for all the range of investigated values
of the strain rate. The main results are summarized in
figure 4. In this figure, Al is the difference between a
reference calculation (realized with a reference strain
rate of 1%/min) and a calculation at a different strain
rate. For the soft soil model, using the parameters pre-
sented in Table 2, the strain rate has no effect for values
higher than 1073%/min and lower than 10~°%/min.
Assuming the SSC model, the strain rate has an effect
for all the range of investigated values (from
10~ 7%/min to 1%/min). Using the SSM only the con-
solidation effect is modeled. So, we can clearly see
that the consolidation phenomena is predominant for
strain rate values from 10™°%/min to 10~ !%/min. The
SSC modeled both consolidation and viscous behavior.
Using this model, the pressuremeter curve is affect by
the strain rate for all the investigated values. That’s mean
that, for strain rate higher than 10~ !%/min and lower
than 1073%/min the creep effect is predominant.

This results highlight the predominant effect of creep
for small strain rate values (or small permeability of
soil) and for high strain rate values (or high permeabil-
ity of soil).
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Figure 5. Normalized excess pore pressure dissipation
during strain holding test simulated using soft soil model
and soft soil creep model.

4 STRAIN AND STRESS HOLDING STAGE
SIMULATION

In this part, numerical simulation of strain holding test
stage and stress holding stress stage are performed
using the soft soil model and the soft soil creep model.
The strain (stress) holding stages are realized after an
expansion cavity test from the initial radii to a cavity
strain of 5%, and using the parameters values indi-
cated in Table 2.

4.1 Strain holding test simulation

Fiovarante et al. (1994) have show that using an elasto-
plastic model, the pore pressure dissipation during a
strain holding test can be reproduced, but the relaxation
of the total stress can’t be totally achieve.

Figure 5 shows the evolution of the normalized
excess pore pressure Au/Au,,,, (Where Au is the excess
pore pressure, and Au,,,,, is the excess pore pressure at
the beginning of the strain holding test stage) with time
during the strain holding test simulated using the two
models.

We can see that, using SSM, the dissipation of the
generated excess pore pressure begin for a time about
103s. After relaxation time of 5.107s, the generated
excess pore pressure is totally dissipated. In this case,
the consolidation occur between 10°s and 5.107 s from
the start of the strain holding stage.

Using the SSC model (modeling both consolida-
tion and creep behavior), the dissipation of the excess
pore pressure start “immediately” after the beginning
of the strain holding test stage. After a relaxation time
of 5-107s (corresponding to the end of the consolida-
tion process as show using the SSM), the excess pore
pressure isn’t totally dissipated. The value of the pore
pressure reach for this time is higher than the initial
pore pressure value. The soft soil creep model mod-
eled more accurately the pore pressure dissipation

Copyright © 2006 Taylor & Francis Group plc, London, UK
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Figure 6. Normalized total stress evolution during strain
holding test simulated using soft soil model and soft soil
creep model.

observed experimentally during strain holding test
realized on natural soft clay (Figure 1)

Figure 6 shows the evolution of the normalized
total stress at the cavity wall Ac/Ac .« (Where Ao,
is the added total stress at the cavity wall, and Ao,
the value of Ao, at the beginning of the strain holding
test stage) with time during the strain holding test
obtain using the two models.

Using the SSM, the total stress value change only
for time between 10°s and 5-107s (corresponding
to the end of consolidation process, Figure 5). Using
the SSC model, Ao, value change during the entire
test.

Using the SSM, the total stress reaches after the end
of consolidation process is 50% of the initial value.
(Ao /Ao, change from 1 to 0,5). Taking into account
both consolidation and creep (SSC model), the stress
relaxation is more pronounced (Ao /Ao, change
from 1 to 0,3). The total stress relaxation observed
experimentally on strain holding test realized on soft
clay is highly affected by both consolidation and creep
phenomena’s.

Only the SSC model is able to reproduce the con-
tinuum evolution of stress during strain holding test
stage.

4.2 Stress holding test simulation

Figures 7 and 8 present the results of the simulation
of a stress holding test realized during a pressure-
meter test.

In figure 7, the evolution of the normalized excess
pore pressure Au/Au,,,, with time during the stress hold-
ing test simulated using the two models is presented.

From this figure, we can note that the consolidation
process takes place until a time of 2.10°s since the
beginning of the stress holding stage (SSM). Assuming
the SSC model, the pore pressure is not stabilized
after a time of 2.10°s. Using this model, the pore
pressure reach a value higher than the initial pore
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Figure 8. Normalized cavity strain evolution during stress
holding test simulated using soft soil model and soft soil

creep model.

pressure value (Au/A .« > 0). In this case, it’s seems
that the soft soil creep model modeled more accu-
rately the pore pressure evolution observed experi-
mentally during stress holding test realized on natural

soft clay (Figure 2).

Figure 8 shows the evolution of the normalized cav-
ity strain at the cavity wall A3,/A8,;,; (Where A, is the
cavity strain at a time “t”, and A3,;,; the value of A3, at
the beginning of the stress holding test stage) with time
during the stress holding test obtain using the two

models.

Using the SSM, the cavity strain value changes only
for time lower than 2.10%s, corresponding to the end of
the consolidation process (Figure 5). For higher time,
the cavity strain keeps constant. This model isn’t able to
reproduce the evolution of the cavity strain observed

experimentally (Figure 2).

When using the SSC model, the cavity strain evolves
continuously with time. This model reproduces more
accurately the soil behavior observed experimentally

during a stress holding test

Copyright © 2006 Taylor & Francis Group plc, London, UK
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5 CONCLUSIONS

In this paper, numerical simulation of strain holding
test and stress holding test realized during a cavity
expansion test are performed. In order to analyses the
effect of consolidation and creep on the soil response,
two models were used: an elastoplastic model (SSM)
and a elasto viscoplastic model (SSC model). The
simulation results obtained using the two models are
compared.

The numerical simulations of strain holding stage
realized during pressuremeter test show that:

— the pore pressure dissipation can be reproduced by
both elastoplastic and elastoviscoplastic model;
consolidation effect is predominant on pore pres-
sure dissipation. However, better reliability with
experimental test is obtain by tacking into account
both consolidation and creep behavior.

— the stress relaxation is highly affected by viscous
behavior of soil. The stress relaxation observed
experimentally could be reproduced only using the
elastoviscoplastic model.

The numerical simulations of stress holding stage
realized during pressuremeter test show that:

— as for the strain holding test stage, the pore pressure
dissipation can be reproduced by both elastoplastic
and elastoviscoplastic model. However, better reli-
ability with experimental test is obtain by tacking
into account both consolidation and creep behavior.

— the increase of the cavity strain during the test is
influenced by both consolidation and creep.
However, after the end of the consolidation process,
the cavity strain is not stabilized. Only the soft soil
creep model is able to reproduced the experimental
behavior.

Regarding to these results, it appears that a correct
exploitation of the stress relaxation curve during a
strain holding test and of the cavity strain evolution
during a stress holding test needs to take into account
the viscous behavior of the soil.
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ABSTRACT: The purpose of this paper is to present a methodology for identifying soil parameters from pres-
suremeter tests. A viscoplastic model coupled with consolidation theory was employed. At first, a numerical
analysis of parameters effects on constant strain rate tests was carried out. Then the results were used to develop
a method for identifying soil parameters. The drainage conditions during the pressuremeter tests were also ana-
lyzed to explain the strain rate effect on the evolution of pore pressure and total pressure. The results showed
that the model can satisfactorily describe the time-dependent behavior of soils during pressuremeter tests, and
the method allowed us to determine efficiently soil mechanical, including viscous and hydraulic parameters

from constant strain rate pressuremeter tests.

1 INTRODUCTION

The identification of soil mechanical parameters from
pressuremeter tests has been studied in the literature
(for example, Anderson et al. 1987, Pye 1995, Hicher &
Michali 1996, Zentar et al. 2001, Rangeard et al.
2003). But few of them were concerned by the delayed
behaviour of fine soils.

In this paper, three objectives are presented in study-
ing the identification of soil parameters from pres-
suremeter tests and the time-dependent pressuremeter
behavior of soft clay: (i) to study the parameters sen-
sibility on the constant strain rate pressuremeter test,
using a viscoplastic model, taking into account geom-
etry and boundary conditions in numerical simulation;
(ii) to propose a back analysis method for identifying
parameters from constant strain rate tests, and validate
the approach by means of pressuremeter relaxation and
creep tests; (iii) to analyze the drainage conditions dur-
ing the pressuremeter tests as a function of the strain
rate and the permeability.

2 NUMERICAL STUDY OF PRESSUREMETER
TESTS

2.1 Constitutive model EVP-MCC

The constitutive model used in this study to model the
time-dependent behavior of soil is the elasto-
viscoplastic model EVP-MCC, based on the framework

Copyright © 2006 Taylor & Francis Group plc, London, UK
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of Perzyna’s overstress theory and Modified Cam-
Clay elastoplastic model, and developed by Yin et al.
(2006). The model was implemented in a finite element
program CESAR_LCPC, which allows us to simulate
pressuremeter tests employing the EVP-MCC model
coupled with Biot’s consolidation theory. The consti-
tutive equations are as follows:

S _ 8, 1+eO . Wo_ S, 1 . v
op. =p. T os” = p. s os, (1)
fd=;3+p’-(p’—pf)=0 )
u-¢(F):u-[eXp[N-[pi—IH—IJ (3)
vp a d
o = u(g(F) ai,; )

where p$ = static consolidation pressure; pd
dynamic consolidation pressure; &” = inelastic volu-
metric strain; 8 = compressibility index; M = slope
of the critical state line; N = viscosity index; u = vis-
cosity coefficient; p' = effective mean stress;
g = deviatoric stress; oy; = effective stress tensor;
;P = inelastic strain rate tensor; < > = function of
MacCauley.
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Figure 1. Schematic behavior of the EVP-MCC model

during CAU triaxial compression and triaxial creep tests.

The principle of the viscoplastic model is presented in
Figure 1. Taking into account the elastic stress-strain rela-
tions, constitutive equations of this viscoplastic model
for normally consolidated clays are derived as follows:

g, = 22 +31K+ y<¢(F)>[ +p- pt )2 ] )

where G = shear modulus; K = bulk modulus; s; 5=
effective deviatoric stress tensor; 8; = Kronecker’s
delta.

2.2 Finite element analysis of pressuremeter tests

The numerical simulation was performed by consid-
ering a plane strain condition in the vertical direction,
and an axisymmetric condition in horizontal direction
asa = 6.5mm, b = 35 mm corresponding to a special
pressuremeter apparatus called pressio-triax which
consists in reproducing the pressuremeter test condi-
tions in a triaxial cell (Anderson et al. 1987, Bahar et al.
1995, Zentar et al. 2001, Rangeard et al. 2003). The
mesh was composed of 24 elements with 123 nodes. The
elements are isoparametric with 8 integration points.

For boundary conditions, all vertical displacement
was prevented, whereas horizontal displacements could
develop freely. The displacement was applied in the
mini-pressuremeter probe on the side AD, and cell pres-
sure was maintained on the side BC. No fluid flow was
allowed to pass through the four faces for the undrained
boundary conditions, as presented in Figure 2.

The soil was assumed to be saturated and isotropic.

2.3 Parameter effects on pressuremeter curves

The parameters sensibility study was carried out for a
pressuremeter test at a strain rate of 6 X 1073/s with
initial total stress o; = 85kPa, 0, = 03 = 68kPa,
and initial pore pressure ¥ = 56.5kPa. The parame-
ters effects on the radial total stress and on the pore
pressure at the cavity wall are presented in Figure 3,
where A represents the value of the radial total stress
or the pore pressure at a strain of 8% and Ar, the value
corresponding to the reference value of the studied
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Figure 3. Parameters effects on the radial stress and pore
pressure responses.

parameter, given in Table 1 within a range of reason-
able values. We can point out:

— E, M, p., have a significant effect on the radial
stress as well as on the pore pressure;

— N and p have an important effect on the radial
stress, and a slight effect on the pore pressure;

— k has a very slight effect on the radial stress, but a
significant effect on the pore pressure for values
between 1078 and 10™'>m/s, and a very slight
effect for other values of k& which represent either
perfectly drained or undrained conditions during
the pressuremeter test;

— vand B” have a very slight effect on both the radial
stress and the pore pressure;

— only £ can change the initial slope of the radial
stress curve.

A special attention was given to the influence of
the viscous parameters. For obtaining the same total
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Table 1. Values of EVP model and hydraulic parameters
E M py N p k
(kPa) (kPa) (1/s - kPa) (m/s)
Ref 3500 125 30 10 1x107° 1x107"
Down 200 0.60 20 5 1x107% 1x1071
Up 50000 1.80 200 50 1Xx107% 1x107°

Remarks: Reference values of v = 0.3 and B* = 0.16.
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Figure 4. (a) Relationship between N and u for the same

total stress curve at a strain rate; (b) normalized total stress
and pore pressure as a function of strain rate.

stress curve of a given constant strain rate test, there
is a linear relationship between N and log(u) as
shown in Figure 4a. For other strain rates, the selected
values of (V,w) bring much more changes on the total
stress curve, whereas inverse but slighter effect on the
pore pressure, as presented in Figure 4b. It allows us
to determine the values of (V,u) from pressuremeter
tests with more than two different strain rates.

The effect of (V,u) on a strain holding stage (stress
relaxation test) at a strain of 8% and on a stress hold-
ing stage (creep test) at a stress increment of 41 kPa
after a constant strain rate stage was also studied, as
presented in Figure 5. The results show the influence
of (V,w) on the evolution of the radial stress during a
strain holding stage or the radial strain during a creep.
It is therefore possible to determine the values of
(N, ) from either a relaxation test or a creep test.
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Figure 5. (a) Comparison of stress relaxation for different

(N,p) during strain holding stage; (b) comparison of strain
evolution for different (N,u) during stress holding stage.

3 PARAMETER IDENTIFICATION

3.1 Experimental results

As described by Rangeard et al. (2003), the pres-
suremeter tests were performed by an apparatus
called pressio-triax on the Saint-Herblain clay, situ-
ated in the Loire Paleolithic period and made of mod-
ern river clayey alluvial deposits, characterized by a
high plasticity index (/, = 42) and slightly or moder-
ately organic. The initial stress state of the samples at
a depth of 55-65m were o= 85kPa,
o, = 03 = 68kPa, u = 56.5kPa, and o; = 110kPa,
o, = 03 = 90kPa, u = 68kPa for the samples at a
depth of 6.5-7.5m. The physical and mechanical
characteristics for each test are summarized in Table 2,
which include the strain rate values of the performed
pressio-triax tests.

An oedometer test at a constant strain rate of
3.3 X 107%s was carried out on a sample of the
Saint-Herblain clay at a depth of 6.9-6.95m using a
modified oedometer apparatus (Rangeard, 2002).
Lateral stress could also be measured during the test.
The parameters deduced from the one-dimensional
consolidation curves are presented in Table 3. The soil
is slightly overconsolidated (OCR = 1.73) and
Ky=0.5.
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Table 2. Physical and mechanical characteristics of Saint-
Herblain clay samples.

Table 4. Values of EVP model and hydraulic parameters of
Saint-Herblain clay.

Depth  w b% Vitesse E Peo "w k
Specimen (m) (%) e (KN/m®)  (/s) (kPa) v M B* (kPa) N (1/s.kPa) (m/s)
PrelA (CR) 6.5-7.5 113 2.69 1491 3X 1073 3500 0.3 1.25 0.16 30 10 1x107° 1x107"
Pre3A (SR) 5.5-6.5 97 223 13.96 3X107°
Pre3B (SR) 5.5-6.5 96 248 14.21 6 X 1077
Pre3D (SR) 5.5-6.5 85 2.16 1422 15X 107 130
Pre3F (SR) 5.5-6.5 90 251 14.41 6X107°
-5
Pre3H (RE) 5.5-6.5 93 229 1435  6x 10 1o ——
= 00990 0°
Remarks: CR — creep test; SR — strain rate test; RE — 3 % K OOOOOI o P 6E T
. xp.-Pre3B: 6E-7 /s
relaxation test. Z@ J00° | EVP model
Table 3. Parameters deduced from oedometer test. 70
O 000 0po
A K e @0 (kP) o, (kPa) I st S
0 0,02 0,04 0,06 0,08
0.43 0.02 2.1 26 52
da
Remarks: o, — radial preconsolidation pressure; oo — 130
vertical preconsolidation pressure. _"__'_,_,__._M !
L—a—a—a—
3.2 Identification procedure = 5 6 0°"
. . . g Exp.-Pre3D: 1,5E-4 /s
Based on the previous parametric study, we firstly = Exp.-Pre3A: 3,0E-5 /s
determined several parameters as follows: & Exp.-Pre3f. 6.0E-6 /s
— Poisson’s ratio was taken equal to 0.3, which is a o
common value for clay. 56 ® 6 o060
— Young’s modulus was determined by the initial
slope of the radial stress curve: £ = 3500 kPa. 0,06 0,08

— Compressibility index was determined by
oedometer test: B*=(A — kI + ey =
(0.43 — 0.02)/(1 + 2.1) = 0.13.

As the other parameters, they can be determined
by using three levels of strain rate tests in addition to
a very low strain rate test as follows:

— By using a low strain rate test in which the influ-
ence of hydraulic and viscous parameters is very
slight, we can establish a relationship between
M and p,, by curve fitting.

For each (M, p.g);, N et u can be determined by
the other three levels of strain rate tests.

For each (M, p.y, N, u);, we can determine k by
the pore pressure curve obtained with the test
performed at the highest strain rate.

By fitting the other pore pressure curves, there
is only one series of parameters which can be
adopted.

The values of the parameters determined by the
proposed procedure were shown in Table 4. The value
of M corresponds to a friction angle equal 31° and
agrees the results of triaxial tests performed on the
same sample. The value of p/, is located between the
initial stress and the preconsolidation pressure deter-
mined by the oedometer test. The comparison between

Copyright © 2006 Taylor & Francis Group plc, London, UK
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Figure 6. Comparison between experiment and simulation
of strain rate tests.

calculated and experimental results is shown in
Figure 6.

3.3 Verification of identification procedure

For verifying the methodology of this identification
procedure, a constant strain rate pressuremeter test
with a relaxation stage (Pre3H) was simulated using
the determined parameter values. The time for dissi-
pating the excess pore water pressure is identical for
the numerical and experimental results during the
relaxation stage, despite the fact that the final pore
pressure is lower on the simulation. The comparison
between predicted and measured results, presented in
Figure 7, showed that the EVP-MCC is able to
describe the time-dependent behaviour in pres-
suremeter tests, and that the proposed method can be
applied for identifying the parameters.

Furthermore, the determined parameter values were
taken for simulating a pressuremeter creep test (PrelA),
except for the value of the preconsolidation pressure
(35kPa) due to a different initial consolidation for a
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Figure 7.  Comparison between experiment and simulation of
a pressuremeter strain rate test with a relaxation stage (Pre3H).

1 meter deeper sample. Good agreement between pre-
dicted and measured results was achieved, as pre-
sented in Figure 8. The two cases show the ability of
the proposed procedure to correctly identify the clay
parameters by constant strain rate pressuremeter tests.

4 ANALYSIS OF DRAINAGE CONDITIONS

IN CONSTANT STRAIN RATE TESTS

The phenomenon of local consolidation can take
place during pressuremeter tests. It depends on the
strain or stress rate at the cavity wall as well as on the
soil permeability. Based on numerical tests at con-
stant strain rates varying from 6 X 1072 to 6 X 107 7/s,
the evolution of the total stress (o,, — up) and the
effective stress (0,, — u) at a strain of 8% as a function
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Figure 8. Comparison between experiment and simulation
of a pressuremeter creep test (PrelA).

of (dd,/dt)/k was carried out using the EVP-MCC
parameters determined in Table 4. Four different types
of behaviour during the pressuremeter test as
described by Rangeard et al. (2003) were generally
shown in Figure 9 with normalized pressures:

— Fully drained. There is no excess pore pressure
during the pressuremeter test.

— Partially drained type A. The total pressure and
the pore pressure are influenced by the drainage
condition.

— Partially drained type B. the pore pressure is
influenced by the drainage condition but not the
total pressure.

— Fully undrained. The pore pressure and the total
pressure remain the same values changing strain
rate or permeability.
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Figure 10. Drainage conditions as a function of the strain
rate and the permeability.

To interpret the drainage conditions for given val-
ues of permeability and strain rate, we can transform
Figure 9 into the one presented in Figure 10, as
described by Rangeard (2003). The points represent-
ing each test allow us to determine their drainage con-
ditions.

From Figure 10, we can note that the test Pre3B,
with the lowest strain rate, is close to fully drained
condition. The test Pre3F, with a lower strain rate, is
in the partially drained type A condition. For the tests
Pre3A and 3D, both in the partially drained type B
condition, the difference in total pressure for different
strain rates is due to the viscous behaviour of the soil
skeleton.

We can also note that the different pore pressure
curves in Figure 6 are generated by the viscous prop-
erties of the soil (as shown in Figure 4b’ as well as by
the different drainage conditions.

5 CONCLUSIONS

The parametric study made on constant strain rate
pressuremeter test was carried out for highlighting
the parameters effects on the pore pressure and total
pressure at the cavity wall, using the EVP-MCC
model. Based on this, a back analysis method for
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identifying soil parameters from constant strain rate
pressuremeter tests was proposed.

This method of identification was employed to
determining the EVP-MCC model parameters of
Saint-Herblain clay as well as its permeability. The pro-
cedure was then verified by simulating a pressureme-
ter test with a relaxation stage and a pressuremeter
test with a creep stage. The values of parameters agreed
with those obtained from triaxial tests on the same
soil sample.

A drainage conditions analysis was then per-
formed by looking the evolution of the total pressure
and the effective pressure at the cavity wall as a func-
tion of the strain rate and the permeability. Four dif-
ferent types of drainage condition were defined by the
ratio between strain rate and permeability. The drainage
conditions of the pressuremeter tests on Saint-Herblain
clay were then determined. They are in agreement with
the different pore pressure curves obtained for the dif-
ferent strain rates.

REFERENCES

Adachi, T. & Oka, F. 1982. Constitutive equations for nor-
mally consolidated clay based on elasto-viscoplasticity.
Soils and Foundations, 22(4), Dec., p 57-70.

Anderson, W.E. & Pyrah, I.C. & Ali, FH. 1987. Rate effects
in pressuremeter tests in clays. Journal of Geotechnical
Engineering, v 113, n 11, Nov., p 1344—-1358.

Hicher, PY. & Michali, A. 1996. Identifying soil parameters
by means of laboratory and in situ testing. Computers
and Geotechnics, v 19,n2,p 153-170.

Perzyna, P. 1966. Fundamental problems in viscoplasticity.
Advances in Applied Mechanics, volume 9, 243-377
Academic Press.

Pye, C.N. 1995. Influence of constitutive models on self-
boring pressuremeter interpretation in clay. Canadian
Geotechnical Journal, v 32,1 3, June, p 420-427.

Rangeard, D. 2002. [Identification des caractéristiques
hydro-mécaniques d’une argile par analyse inverse des
essais pressiométriques. Thése de I’Ecole Centrale de
Nantes et I’Université de Nantes.

Rangeard, D. & Hicher, PY. & Zentar, R. 2003. Determining
soil permeability from pressuremeter tests. International
Journal for Numerical and Analytical Methods in
Geomechanics, v 27,n 1, p 1-24.

Roscoe, K.H. & Burland, J.B. 1968. On the Generalized
Stress-Strain Behavior of Wet Clay. Engineering
Plasticity, p 535-609.

Yin, Z.Y. & Hicher, PY. & Riou, Y. & Huang H.W. 2006. An
elasto-viscoplastic model for soft clay. ASCE Soil and
Rock behaviour and modelling special publication,
Shanghai.

Zentar, R. & Hicher, P.Y. & Moulin, G. 2001. Identification
of soil parameters by inverse analysis. Computers and
Geotechnics, v 28,n2,p 129-144.



Numerical Methods in Geotechnical Engineering — Schweiger (ed.)
© 2006 Taylor & Francis Group, London, ISBN 0-415-40822-9

Investigation on the mechanical resistance of reinforced sand samples
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ABSTRACT: The results of an experimental and numerical study are summarized here concerning the
mechanical behavior of reinforced sands. The experimental part of the investigation was carried out using both
standard triaxial and plane strain equipments. In the latter case the specimens contained either horizontal rein-
forcements, or reinforcements inclined with respect to the vertical loading direction. A constitutive model and
then two simple schemes were adopted for the preliminary interpretation of the test results. The comparison
between experimental and numerical results led to some conclusions on the influence of the mechanical prop-
erties of the geotextiles, and of their inclination, on the overall resistance of the reinforced samples.

1 INTRODUCTION

A preliminary and comparative evaluation of two finite
element schemes for the analysis of a vertical, rein-
forced earth wall (Cividini et al., 1997) showed that the
available experimental information was not sufficient
for a proper mechanical characterization of plane strain
earth structures containing inclined reinforcements
with respect to the principal stress directions. More
recently another numerical study (Molenkamp, 2001)
confirmed that for testing non isotropic materials, like
reinforced soils, the use of a plane strain apparatus
(Drescher et al., 1990; Cividini, 2002b) is preferable
to that of standard triaxial and direct shear devices.

On that basis a laboratory investigation, consisting of
standard triaxial and plane strain compression tests, was
carried out on sand samples containing geotextiles
reinforcements with various inclinations with respect to
the vertical loading direction. A particular procedure,
whose details can be found in (Cividini, 2001), was
developed for preparing prismatic sand samples con-
taining geotextiles reinforcements with various inclina-
tions with respect to the vertical loading direction. The
procedure is based on the moist tamping technique and
on the subsequent freezing of the samples to allow their
setting into the plane strain device.

The samples have dimensions of 4cm X 8cm X
14 cm and are reinforced with geotextile layers, 2 cm
or 3cm apart from each other. Some of them were
reinforced with a thin and extensible reinforcement
(non-woven polypropylene geotextile). The remaining
tests concern specimens reinforced with non-woven
polypropylene-polyethylene geotextile. The two geot-
extiles have comparable tensile strengths, but differ in
thickness and in stiffness.
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The experimental program carried out so far consists
of about 50 plane strain tests on both natural sand and
reinforced samples and the investigation leads to a
quantitative assessment of the influence of the rein-
forcement orientation on the overall shear strength and
stiffness of the samples.

In the following, first some of the experimental
results are considered for modelling the evolution of the
shear resistance at the interface between sand and rein-
forcements at the interface. Then the measured variation
in peak shear resistance is interpolated using two differ-
ent schemes. The comparisons between experimental
and numerical results lead to some conclusions on the
use of plane strain testing devices for the calibration
of constitutive laws for reinforced samples.

2  MAIN CONCLUSIONS FROM THE
EXPERIMENTAL INVESTIGATION

The experimental results indicate that the overall behav-
iour of a reinforced soil depends on various mechani-
cal and geometrical parameters that characterise both
its basic components (soil and geotextile) and their
assemblage.

The axial stress-strain curves show that reinforced
samples have different load carrying capacity, however
in both cases a decrease of the overall stiffness and shear
resistance is observed with increasing the reinforce-
ment orientation 3. The shear resistance is lower than
that of the natural sand when 8 exceeds 30° and this
implies that reinforced earth structures may give sub-
stantially different responses to external load incre-
ments, depending on the angle existing between the
reinforcements and the compressive principal stress.



The main conclusions derived from the experimen- In the second case the inhomogeneous medium is
tal results can be summarised as follows: made equivalent to a continuous homogeneous nonlin-
ear and nonisotropic material characterised by a suit-

a) The stress-strain (axisymmetric or plane-strain)  able constitutive law (Cividini, 2005). For modelling of
regime during loading has a marked influence onthe  the shear resistance at the sand-geotextile interface the
observed behaviour of natural sand samples. The tri-  stress state along the reinforcement direction is eval-
axial results do not show the marked strain softening  uated considering the specimen as a “homogeneous”
effect observed under plane strain conditions. element. Due to the anisotropy of the reinforced sam-

b) The strain softening behaviour that characterises the ~ ples the evolution of the stress state depends on the
natural sand samples under plane strain conditions  angle 8 between geotextile layers and the horizontal
is not shown by samples with horizontal reinforce-  direction. This effect is clearly shown by the diagram in
ments. In fact, they present an overall ductile orhard-  Figure 1 since the lines, representing the variation of the
ening behaviour, which is likely to depend on the = normal and shear stresses o ;, 7; for the different rein-
stiffness of the adopted geotextiles. forcement orientations, are not bounded by a circle.

¢) The influence of the surface roughness of the geot- For completeness, the figure shows also the peak and
extiles on the load carrying capacity of the samples  ultimate resistance envelopes for the sand-geotextile
is barely significant in the case of horizontal rein-  interface, obtained from direct shear box tests. From the
forcements, but becomes more pronounced in the  experimental viewpoint, it can be observed that when
case of inclined reinforcements. the reinforcement orientation is equal to 45° and to

d) An increase of the slope of the reinforcements  75° the stress state is in practice bounded by the ulti-
leads to a decrease of the overall shear resistance  mate (or residual) resistance curve characterising the
(and stiffness) and to a transition from hardening  sand-geotextile interface, while for the intermediate
to softening behaviour. value of 60° the peak resistance is almost attained.

e) The overall peak strength of the reinforced sand sam- For the numerical representation of the stress state
ples can be expressed in terms of a constant friction ~ reached on the reinforcement at the overall peak and
angle, coinciding with that of the natural sand, and of ~ at the end-of-test conditions, the basic form of the
an apparent cohesion intercept that depends on spac-  Hierarchical Single Surface (HiSS) (Desai, 2001) con-
ing and inclination of the reinforcements. stitutive law was chosen among the various isotropic

hardening constitutive laws presented in the literature.
The observed overall resistance is likely to depend ~ Written in terms of the stress components o; and 7
on the frictional resistance between the reinforcement  along the geotextile, the HiSS yield surface allows an
and the sand. In particular, the structure of one of the ~ approximation of both sets of experimental data (cf.
geotextile, quite deformable along its thickness, leadsto ~ solid and dashed interpolation curves in Figure 1) and
arelatively high degree of interlocking with sand grains, ~ the HiSS ultimate curves, obtained for the asymptotic
thus increasing the surface frictional resistance of the  stress state condition, almost coincide with the peak and
reinforcements. Such interlocking, however, is less pro-  ultimate lines obtained on the basis of the direct shear
nounced for the second one, characterized by smoother  test results.

surfaces and low compressibility along its thickness It is important to note that the HiSS model param-

(Cividini, 2002b). Consequently it appears that the  eters were calibrated by curve fitting of the o, 7

results of the plane strain tests could permit deriving

some further conclusions on the frictional characteris-

tics of the sand/geotextile interface. 3

1 0.=100.kPa
9] ] b -7
NE g
3 MODELLING OF THE SHEAR N p30° ™%
RESISTANCE AT THE SAND- F | e
GEOTEXTILE INTERFACE " BEE .
B | M \\
] : =lgo
In general terms, the numerical simulation of the tests 0 HE : —e—alhe oo sneom
can be based on two finite element schemes, referred to 0 ! 2 JU ) /40 >
r1 (&)

as “inhomogeneous” and “homogeneous” approaches

(e.g. Cividini et al., 1997). When the first one is Figure 1. Influence of the reinforcement inclination 8 on

adopted the.sample is discretized 1ptroducmg Sepa- the stress state at the geotextile/sand interface: stress path
rately the reinforcements and the soil layers between  fiom plane strain tests on reinforced sand and numerical
them. For sake of briefness, this aspect is not discussed  interpolation of the peak (continuos line) and of the end-of-
here and additional comments are presented in  test (dashed line) data (oy,, T;, normal and shear stress along
(Cividini & Sterpi, 2000; Cividini, 2002a). the reinforcement orientation, o cell pressure).
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experimental data and that only subsequently the two
HiSS ultimate lines, associated to the obtained inter-
polation curves, were drawn.

The above observations indicate that the shear resist-
ance at the interface between reinforcement and sand
can be evaluated on the basis of the results from plane
strain tests, without making recourse to direct shear
tests (e.g. Seo et al., 2004).

4 SIMPLE SCHEMES FOR MODELLING THE
OVERALL SHEAR RESISTANCE

For the interpolation of overall shear resistance meas-
ured in plane strain tests on reinforced sand, two differ-
ent schemes were adopted (Arosio, 2005). The first one
(referred in the following as ‘scheme I”) considers the
specimen as homogeneous apart for a plane of weak-
ness, while the second one (‘scheme II’) accounts for
the presence of the different reinforcement layers. In a
broad sense the two schemes represent an application
of the conventional schemes usually adopted in the
design of reinforced earth structures.

With reference to the first scheme it is worthwhile
to recall that the increase in strength observed in con-
ventional triaxial tests on cylindrical samples can be
regarded as the consequence of the increase in confin-
ing stress associated to the presence of the horizontal
layers of geotextile (e.g. Ingold, 1982).

This observation suggests to adopt the same criterion
in the case under examination, accounting for both the
geotextile inclination and the presence of a plane of
weakness, with a limiting shear resistance, as indicated
in Figure 2b.

The interpolation curve obtained for the vertical
stress o, is shown in Figure 3 and the comparison with
the experimental data indicates that scheme I does not
provide an adequate approximation of the observed
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Figure 2. Plane strain sample (a) and block sliding along
the reinforcement, considered in scheme I (b).
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shear resistance variation. In particular the vertical stress
at failure is overestimated for the lower inclinations
of the geotextile reinforcements. An attempt to reduce
this discrepancy led to the use of a decay function
d = cos’ B that does not appear meaningful in the case
under examination.

In the framework of the second scheme, each rein-
forcement layer was made equivalent to a set of external
loads Fr, as indicated in Figure 4a and for sake of sim-
plicity the reinforcement forces were assigned the same
value. This first version of scheme II led to an inter-
polation curve characterized by discontinuities. This
drawback was easily removed, substituting the external
forces with the corresponding boundary tractions, so
that a smooth variation is obtained of the shear resist-
ance with the reinforcement orientation.

Finally, Figure 5 shows the variation of the vertical
stress measured in the laboratory tests and the interpo-
lation curve obtained applying scheme II. It is worth-
while noting that the back-analyzed value of the Fr load
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Figure 3. Variaton of the peak stress with the angle of the
reinforcement inclination: measured values (dots) and inter-
polation curve according to scheme I.
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Figure4. Plane strain test on reinforced sand: scheme Il used
for deriving the interpolation curve of the experimental data.
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is lower than the tensile resistance of the “active” geo-
textile layers.

The second scheme provides a proper representation
of'the evolution of the peak resistance observed in sand
specimens containing geotextile reinforcements with
various inclination with respect to the vertical loading
direction. Even if the results here presented concern a
limited amount of data, obtained at constant confining
pressure, they show that the interface resistance has a
relevant effect on the overall mechanical resistance of
the sample. This suggests broadening the experimental
and numerical study carried so far.

5 CONCLUSIONS

The experimental results here discussed concern an
ongoing research on the mechanical behaviour of rein-
forced sands, containing geotextile reinforcements with
various inclinations with respect to the vertical loading
direction.

First the results of a series of plane strain compres-
sion tests have been summarized. They indicate the
marked influence of the reinforcement slope on the
overall stiffness and shear resistance of the “composite”
material. Subsequently, the experimental results have
been compared with interpolation curves obtained
adopting the HiSS constitutive model and two simple
schemes similar to those frequently proposed in the
design of reinforced earth structures.

The comparison indicates that the HiSS model pro-
vides an acceptable approximation of the experimental
data, since the model can properly take into account
of the shear resistance that develops at the interface
between soil and geotextile.

Subsequently it is shown that the variation of the peak
stress with the reinforcement orientation can be approx-
imated considering an unreinforced block subjected to
boundary tractions equivalent to the reinforcements.
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On these bases it can be concluded that the described
experimental investigation and its numerical modelling
represent two necessary and interlaced steps towards a
deeper understanding of the mechanical behaviour of
reinforced sands and towards the stress analysis of
actual engineering problems.
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Testing and modelling stabilised soft clay

P. Vepsalainen, A. Aalto & M. Lojander
Helsinki University of Technology, Espoo, Finland

ABSTRACT:

Some features of the stress-strain behaviour in stabilised clay according to triaxial test results

have been presented. Based on the observed test results, some principles for an elastoplastic hardening and soft-
ening material model for stabilised clay has been developed. Special attention has been paid to functional harden-
ing and softening formulation. The behaviour of the model is studied in the boundary conditions of an idealised

drained triaxial compression test.

1 INTRODUCTION

Deep stabilisation (deep soil mixing) is a modern soil
improvement method of soft clays used especially in
Scandinavia and in Japan but also in Central Europe,
in North America and in the Far East. Although the deep
stabilisation technique is nowadays quite well known,
the mechanics of stabilised clay is not so well under-
stood. This has led to oversimplified constitutive models
for stabilised soil and crude and conservative design
methods for deep stabilised columns.

2 STRESS-STRAIN BEHAVIOUR OF
STABILISED CLAY

Results of triaxial compression tests on stabilised soft
clay are presented in Figures 1 and 2. The binder
agent was lime and cement in both cases. It is found
that the stress-strain curves have a hardening and
softening character at low cell pressures both in
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i=1 O,=150kPa
g ‘o,= 100 kPa
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s o,=50kPa
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Figure 1.

samples (Kivelo 1998).
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undrained and in drained test, whereas at high cell
pressures there seems to be only hardening and after
that the strength is almost constant.

3 A MODEL FOR STRESS-STRAIN
BEHAVIOUR OF STABILISED CLAY

The basic concept is illustrated by Figure 3 (deviatoric
stress g/hydrostatic stress p’) and Figure 4 (deviatoric
stress g/axial strain &/volumetric strain &), Ciuhak
(2002). In this case the time is fixed so that the pos
sible material strengthening with time is not taken
into account. Furthermore it is supposed that the devi-
atoric hardening is the most essential in practical
hydrostatic stress levels.

Drained triaxial compression tests with a minimum
of'three different cell pressures are needed. In the first
case the cell pressure is zero (as in the unconfined
compression test). The highest cell pressure has to be
somewhat larger than the in situ earth pressure at rest.
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Examples of results of undrained triaxial compression test on lime-cement treated clay, laboratory manufactured
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deviatoric stress q

!
f2 ’l3

mean effective stress p'

Figure 3. Yield surfaces of hardening and softening sta-
bilised soil model in p'—q plane, drained triaxial compres
sion test.

Both maximum and residual (critical state) values of
deviatoric stress are measured. Then points 1, 2 and 3
in Hvorslev’s line and residual stress line in Figure 3
and parameters for Hvorslev’s line and residual stress
line can be defined.

Hvorslev’s line:

g=Hp'+Npg (1)
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Figure 4. Estimated development of deviatoric stress and
volumetric strain in primary loading in a drained triaxial
compression test. Stress path 2-2 in Figure 3.
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3 —sin@gg

@Rs 18 the friction angle in residual stress state, crg is
the cohesion in residual stress state, ¢y is the friction
angle in Hvorslev’s line and cy is the cohesion in
Hvorslev’s line.

4 FORMULATION OF THE MODEL

4.1 General constitutive equations

The yield function F is defined according to the
Mohr-Coulomb criterion (pressure is positive):

F=q-Mp'-N @)
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p’ is effective hydrostatic stress, q is the deviatoric
stress, ¢* is mobilised cohesion, ¢* is mobilised fric-
tion angle and 0 is Lode’s angle.

The plastic potential function Q is formally similar
to the yield function F except that mobilised angle of
dilation ¥* is used.

Stress and strain increments do’ and de:

{do'}=|Dp |ide} (10)
_ [De]{aQ}{aF }T[De]

[p.,]=[D.1- FERPRIITN I (11

{GF}=;§% (12)

{ag}:% (13)

A:—z—if(ag) (14)

D, is the elastic stiffness matrix, Dy, is the elasto-
plastic stiffness matrix, A is hardening modulus and h
is the measure of the yield (the generalised plastic strain
or effective plastic strain). For deviatoric hardening/
softening:

fag)= g{aQ}T fao (1%

dF _ dF d¢*  dF dg’

- ) + *
dh get dh gt dh

(16)

4.2 Hardening and softening formulation

The hardening and softening formulation is based on
the results of drained triaxial compression tests in sta-
bilised clay samples. The basic idea is presented in
Figures 2 and 4. The stress-strain behaviour below the
residual stress line RS is hardening whereas the behav-
iour between the residual stress line and the Hvorslev
surface is at first hardening and then softening. The
hardening and softening behaviour is described by the
mobilised friction angle ¢* and by the mobilised
cohesion c*.
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The hardening part of the mobilised friction angle
¢* is solved either by ellipse or arcsine functions.
Ellipse function:

¢* _ Pmax bé‘fh—hz

py (17)
Arcsine function, Vermeer & de Borst (1984):
2 th
¢ =arcsin SIN @ ax (18)
Sf +h

gr is the effective plastic strain at the maximum
mobilised friction angle ¢,,,,. The softening part of the
mobilised friction angle is solved by the exponential

function:
(t)
)e

¢Rs 1 the mobilised friction angle at the critical state
or at the residual stress state. The mobilised angle of
dilation W* is solved by using the dilation theory of
Rowe (1972):

Two types of cohesion mobilisation has been studied.
Firstly, mobilised cohesion c* is kept constant and it
represents cohesion at a residual stress state cgg.
Secondly, the attraction a in Figure 3 is kept constant,
and in the later examples the effect of only this type of
cohesion mobilisation has presented. The mobilised
cohesion c* is then:

h-gf

p (19)

*
@ =@ps t (¢7max ~PRS

sin ¢* —singpg

20
l—sinng|F sin gpg 0)

* .
v = arcsm{

¢ =atangp” @1
CRS
a=—"
tan g pg @2)

4.3 Calculated behaviour of stabilised clay
sample in the standard drained triaxial
compression test

In a drained triaxial compression test the relationships
between deviatoric stress increments dq and axial strain
increments de; and between volumetric strain incre-
ments de, and axial strain increments de; can be
defined according to the formulae (23)—(26):

dq = Dyds, (23)



de, = Cgyde (24)
E
Dy, =
1+%(1—sin @ *)1—sin y *) (25)
E . .
(1—21/)—2; (1-sin @ *)sin y *
Cep = (26)

1+§(]—sin @*N1—sin y *)

D, is here elastoplastic stress-strain modulus and C,,,
is elastoplastic connection between volumetric and
axial strain increments, E is modulus of elasticity and
v is Poisson’s ratio. For a drained triaxial compression
the hardening modulus A is:

A= —Z—I;f(aQ) (16bis)

f(aQ):\/§(1+sin v *sin z//*) (27)

The partial derivatives for the formula (16) are not
presented hear. The strain hardening starts when axial
strains begin to develop. But when the axial strain is
very low near the origin in the Figure 4. the gener-
alised plastic strain h is very small and it means that
the hardening modulus A is very large. According to
formulae (25) and (26) the limits for D, and Cq, are
at the origin exactly the same as calculated by the the-
ory of elasticity and presented in the Figure 4: D, = E
and Co, = 1 — 2.

Examples of the development of deviatoric stress q
and volumetric strain &, with axial strain &; are pre-
sented in Figure 5. The cell pressure o3 = 20kPa,
modulus of elasticity E = 30000kN/m?, Poisson’s
ratio v = 0.3, @pa = 35° ¢rg = 30°, crg = 20kPa
and g = 0.02.

5 CONCLUSION

An elastoplastic deviatoric hardening and softening
constitutive model for deep-stabilised clay has been
developed. The behaviour of the model has been stud-
ied within the boundary conditions of idealised drained
triaxial compression test. The calculated results show
that the essential observed features of hardening, soft-
ening and dilating could be considered with the
developed model. The dilating phenomenon may be
important especially when the amount of stabilising
agent is small and the shear strength of stabilised soft
clay is under 100 kPa.
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Effect of testing conditions on the shear strength

parameters — a numerical study

O. Ravaska
Helsinki University of Technology, Finland

ABSTRACT: Factors affecting the results of laboratory triaxial tests are among other things the height/diameter
ratio of the specimen, the specimen end restraint and stiffness of the rubber membrane. Their influence is very
difficult or impossible to investigate under real circumstances, but theoretical and experimental studies on their
effects are found in the literature. Numerical methods give, however, a possibility to have at least an estimate
of their effect. This paper discusses the influence of these factors studied with Plaxis using a very fine element
distribution. The present calculation results both agree and disagree with the results obtained previously.

1 INTRODUCTION

Geotechnical parameters obtained in the laboratory
with small samples are supposed to represent the same
in the soil layers. In addition to the specimen size or
disturbance there are many other factors affecting the
parameters obtained, for instance those related to the
testing conditions. Such factors are the height/diameter
ratio of the specimen (H/D), the specimen end restraint,
stiffness of the rubber membrane, drainage conditions,
piston friction and prevailing atmospheric pressure.

The effects of many of the factors listed above can-
not be removed. For instance the membrane around
the specimen is necessary in triaxial tests and end
restraint due to friction on the end platens is very dif-
ficult or impossible to be fully eliminated particularly
when frictional porous stones at the specimen ends
are needed.

According to Lee (1978) Taylor concluded in the
1940s that reliable results could be obtained with soil
specimens having regular ends provided their H/D
was in the range 1.5-3.0. After that many experimen-
tal and analytical studies of the effect of end restraint,
rubber membrane etc. have been carried out by e.g.
Henkel & Gilbert (1952), Bishop & Green (1965),
Duncan & Seed (1967), Duncan & Dunlop (1968),
Lee (1978) and Kohonen (1987a, 1987b). The results
of these studies are partly contradictory, but as a sum-
mary it can be stated that those factors can significantly
affect the strength parameters. For example Lee (1978)
concluded that the end friction had little influence
on the undrained shear strength of sand, but just slight
effects on the drained strength and on the internal
friction angle. The undrained strength of dense sand

Copyright © 2006 Taylor & Francis Group plc, London, UK
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tested with lubricated ends was about 20% greater
than that with regular ends.

Duncan & Seed (1967) concluded that the effect of
the filter paper, membrane and piston friction together
increased the axial stress by 20% or more for the San
Francisco Bay Mud (a soft, normally consolidated
silty marine clay). They did not pay attention to the
specimen end restraint but for example to the effect
of a rubber membrane, which was studied using the
equations published by Henkel & Gilbert (1952). The
equations give corrections to the observed triaxial
test principal stresses assuming that the membrane
forms an elastic shell around the specimen and that
the specimen behaves like a cylinder without bulging.
Based on these equations and CIUC triaxial tests
for San Francisco Bay Mud the studies of Duncan &
Seed (1967) resulted in the increase of axial stresses
at failure by 4—7 kPa depending on the cell pressure of
100-400 kPa respectively.

The effects of some of these factors were also studied
for soft clays in the Laboratory of SMFE of Helsinki
University of Technology in the 1980s (Kohonen,
1987a, 1987b). The results indicated that the rubber
membrane in CAUC tests increased cohesion by 0.5 kPa
and increased the friction angle by 1.2°. The effect of
end restraint was studied analytically by assuming that
the specimen will get a shape of a barrel with para-
bolic walls. The effect of end restraint handled in this
way was very small and considered to be insignificant.

These problems have also been studied numerically.
E.g. Airey (1991) studied different end and drainage
conditions in triaxial tests using the CRISP program
concentrating to non-uniformities caused by drainage
and end restraint, but not to the strength parameters of



which he concluded that in undrained shear they do
not appear to be much affected by the end and drainage
conditions, at least for the small stress range consid-
ered in his studies. Scheng & et al. (1997) studied the
non-uniformities in a triaxial specimen caused by end
restraint and drainage using the program ABACUS
and the modified Cam Clay model. Liyanapathirana &
et al. (2005) studied the same for structured soil using
the structured Cam Clay model and the FEM pro-
gram AFENA. Both of them used the element model
with 100 eight-noded axi-symmetric elements and
concentrated rather to the behaviour of the soil inside
the specimen during loading than to the strength
parameters.

Schanz & Gussman (1994) used a 3D linearly elas-
tic and perfectly plastic model for studying the effect
of end restraint and H/D ratio on the strength param-
eters. The results showed a considerable increase in
the friction angle with increasing end friction. The
geometry was varied from H/D = 1/1 to 4/1, but no
significant effect on the strength was found.

2 PLAXIS MODEL

In this study a specimen with a height of 100 mm and
a diameter of 50 mm (excluding the H/D calculations)
was modelled axi-symmetrically with Plaxis 8.2. The
specimen end restraint was modelled by full fixation
at both ends. The rubber membrane around the speci-
men was modelled by a geogrid, Figure 1. The mesh
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Figure 1. Axi-symmetric FEM model.

Copyright © 2006 Taylor & Francis Group plc, London, UK

was as fine as possible in order that failure loads
could be determined accurately. The number of 15-
noded elements in the axi-symmetric section varied
from 1182 to 1408. Because attention was directed to
the strength parameters in a failure state, only the
Mohr-Coulomb model was used.

3 RESULTS

3.1 Calculations

Materials, test types and parameters for studying the
phenomena discussed above are presented in Table 1.
The effect of the H/D ratio was studied by modelling
unconfined compression tests on clay specimens and
triaxial tests on sand specimens. The effect of end
restraint was studied in unconfined compression tests
using specimens with different cohesion and Young’s
modulus values. UC, DC and DE triaxial tests on clay,
sand and till specimens were used to model the effects
of end restraint and the rubber membrane.

3.2 Effect of specimen dimensions

The effect of the specimen dimensions together with
end restraint on undrained shear strength s, of clay was
studied using specimens with a diameter of 50 mm
and height/diameter ratios of H/D = 0.5, 1, 2 and 4.
Given parameters for clay were ¢ = 20kPa and E =
1 MPa. The results are presented in Figure 2, which
clearly shows that the shear strength decreases as the
height of the specimen increases even though end
restraint is not taken into account. The undrained shear
strength of a normal (H/D = 2) specimen was 19,5 kPa,
which was close to the given cohesion. The effect of
end restraint is negligible for the H/D values greater
than 1.

The corresponding results for sand in a drained
triaxial test are presented in Figure 3. The specimen
H/D ratio with no end restraint seems not to have the
same effect on the friction angle as it had to cohesion

Table 1. Material and test data.
c ] E
Soil Test kPa ° MPa
Clay uc* 10, 20, 40 0 0.5,1,2
ucC 7 20 0.5
ucC 10 20 1
DC 10 20 1
Sand DC 1 35 50
DE 1 35 50
Till DC 20 35 100
DE 20 35 100

U = undrained, D = drained, C = compression, E =
extension, * = unconfined.
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in Figure 2. The friction angle is almost constant
regardless of the specimen height. The effect of end
restraint is, however, considerable with H/D values less
than 1.5.

In Figure 4 the same effect as in Figures 2 and 3
separately for cohesion and friction is seen for soil
having both cohesion and friction. For H/D =1 the
friction angle is constant regardless of the specimen
height while cohesion tends to decrease with increas-
ing specimen height.
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3.3 Effect of end restraint

The effect of end restraint was involved in the previous
considerations, but only the specimens with H/D = 2
are discussed here. In compression end restraint causes
the specimen to get a shape of a barrel and in extension
an hourglass. This causes problems in the determination
of the specimen volume and cross-sectional area in the
laboratory. Figure 5 presents horizontal displacements
at failure in three vertical sections of a specimen
perimeter with no end restraint and full end restraint
calculated by Plaxis for specimens with H/D = 2.

33.1 Clay

The effect of end restraint on undrained shear strength
of clay in unconfined compression tests is presented
in Table 2.

The table shows that the effect is clear for soft
clay, but decreases with increasing stiffness. For soft
clay with ¢ = 10kPa the effect of end restraint on
undrained shear strength is thus about 0.5 kPa, which
can be regarded to be small.

The effect of end restraint in a triaxial test for clay
was studied by modelling UC tests for soft clay with

a A

a) b) c)

|
3
!
A
|
H
7
J

& & e
Figure 5. Horizontal displacements of a specimen perime-
ter at failure. (a) No end restraint, compression. (b) Full end
restraint, compression. (c) Full end restraint, extension.

Table 2. Effect of end restraint on undrained shear strength
s, for different clays.

No restraint Full restraint

c* E* Su Su

kPa kPa kPa kPa
10 0.5 9.5 10.0
20 1.0 194 19.6
40 2.0 39.6 39.6

* Given value.



Table 3. Results of triaxial tests for sand. Compression.

No restraint Full restraint

Table 5. Results of traxial test for till. Strength parameters
in compression and extension. Given parameters:
¢ = 20kPa, ¢ = 35°.

Cell pressure O I max ¢ O I max o) No restraint Full restraint
kPa kPa ° kPa °©
c ) c ©
50 190 352 189 35.1 Test type kPa °© kPa °
100 377 353 376 35.1
200 753 355 748 352 Compression 19.6 352 19.9 35.1
400 1504 35.4 1495 35.2 Extension 14.1 35.8 18.6 33.8
Table 4. Results of triaxial tests for sand. Extension. 3.4 Effect of the membrane
Vertical load No restraint Full restraint In triaxial tests a rubber membrane is used around the
specimen in order that a cell pressure by water can be
gf’a 1(:13)2*"‘ g I(ZISJTX e applied. The membrane is normally made of thin flex-
ible rubber in order to have as small influence on the
50 193 35.6 181 34.1 test results as possible.
100 382 35.6 356 33.9 In their paper Duncan and Seed (1967) (see
200 758 35.5 707 33.9 Chapter 1) do not give parameters for the rubber mem-
400 1511 35.4 1413 33.9 brane, but in the present calculations the same param-

cell pressures of 12.5-200 kPa. End restraint increased
the axial load in failure only slightly and no clear cor-
relation with the cell pressure was found.

332 Sand

The effect of end restraint in sand specimens were
studied by modelling a drained triaxial test at the cell
pressures of 50, 100, 200 and 400 kPa. The tests were
modelled in compression and extension. The results of
the compression tests are listed in Table 3. The friction
angles were calculated from failure loads using Mohr-
Coulomb’s failure criterion.

As the results in Table 3 show, end restraint has prac-
tically no effect on the friction angles. Only a small
decrease in the failure loads and accordingly in the fric-
tion angles can be found.

The corresponding results of the extension tests
are presented in Table 4. The results show that end
restraint clearly decreases the lateral pressure in fail-
ure. Correspondingly the angles of friction decreased
by 1.7° as a maximum.

333 Till

The effect of end restraint for till corresponds to that
for sand. Calculating the strength parameters ¢ and ¢
based on Mohr-Coulomb’s failure criterion for o3 =
50kPa and 400kPa gives the values presented in
Table S.

The results show that in the compression tests the
effect of end restraint is very small, but in extension
tests the effect is greater. In both tests the effect is the
same: end restraint slightly increases cohesion, but
decreases the friction angle.
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eters as measured by Kohonen (1987b) according to
Head (1982) were used. They were: E = 2000 kPa
and a thickness of 0.33mm for 50mm diameter
specimens.

It is clear that the effect of the membrane in the
simulations becomes apparent in the specimens with
small Young’s moduli. Therefore two soft clays and
test types (end restraint included) were selected for
this purpose:

— UC test, c = 7kPa, ¢ = 20°, E = 500kPa
— DC test, c = 10kPa, ¢ = 20°, E = 1000kPa

With this input data the Plaxis calculations resulted
in a smaller effect than that in the analytical calcula-
tions carried out before. The rubber membrane
increased the axial load in failure only by about 1-2 kPa
independently of the cell pressure. It caused a small
decrease in the friction angle and increase in cohesion.
These changes were so small that they can be regarded
to be insignificant, particularly because Plaxis could
not define the failure load exactly as the membrane
was included in the model. The analytical calculations
had been performed with an assumption of cylindrical
deformation, while in the Plaxis calculations also end
restraint was present. This cannot, however, explain the
difference in the results.

4 CONCLUSIONS

The influence of the specimen height/diameter ratio,
end restraint and the rubber membrane on the uncon-
fined compression test and triaxial test results were
studied using Plaxis with a very fine element mesh.
In general, the influence was smaller than in the



comparable experimental and analytical studies carried
out before. The results can be summarized as follows:

o Unconfined compression strength of clay decreased
with increasing H/D ratio. For the normal (H/D = 2)
specimen it was 19,5kPa, i.e. close to the given
cohesion 20kPa. The effect of end restraint was
significant only for specimens with H/D < 1.
Friction angle of sand in drained tests was inde-
pendent of H/D ratio. The effect of end restraint was
significant only for specimens with H/D < 1.5.

For normal (H/D = 2) specimens:

e End restraint increased undrained shear strength
the more the softer the clay was. In triaxial UC
tests for clay the effect of end restraint on the axial
load in failure was small.

End restraint had a negligible effect on the sand
strength parameters in compression, only a small
decrease in the friction angle was found. In extension
tests the effect was clear. End restraint decreased
the friction angle by 1.7° as a maximum.

For till the effect of end restraint was negligible
in compression, only a small increase in cohesion
and decrease in the friction angle was found. In the
extension tests the effect was considerable. Cohesion
increased by 4.5 kPa and the friction angle decreased
by 2°.

The effect of the rubber membrane was tested only
for soft clay. The membrane increased the axial
load only slightly. This was far from results of the
analytical studies carried out before.
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Hydro-bio-mechanical modelling of landfilled waste: Decomposition,

density and moisture retention
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ABSTRACT: The hydro-bio-mechanical model in question couples individual constitutive descriptions of
hydraulic, biodegradation and mechanical phenomena into a single framework to provide a more fundamental
treatment of the mechanical consequences of moisture-controlled decomposition. The aim is to explore the impact
of decomposition (biodegradation) on unit weight profiles, phase composition and associated moisture retention
during the filling of a landfill cell. It would appear that simply updating phase composition data in conjunction with
invariant water retention parameters results in an overstatement of moisture retention and decomposition, par-
ticularly at low suctions. Rather, van Genuchten parameters controlling air entry and the rate of desorption must

be related to changes in phase composition.

1 INTRODUCTION

Moisture (or leachate) retention in landfilled waste is
a function of the interaction of hydraulic, biodegrad-
ation and mechanical phenomena. In rigid inert soils,
moisture retention is dependent on suction in the liquid
phase and pore structure, the latter being assumed fixed
in both space and time. However, in landfilled waste,
significant changes in pore structure/phase composi-
tion occur due to:

o Self weight filling — rearrangement of solid phase
particles and reduction of void phase.

Creep — rearrangement of solid phase particles and
reduction of void phase under constant load
Biodegradation — loss of solid phase and induced

change in void phase volume.

In this paper, we explore the influence of self-weight,
creep and biodegradation on the changing phase com-
position and leachate retention properties of landfilled
waste. The analysis is performed using a hydro-
bio-mechanical (HBM) model and considers the filling
of a landfill cell with waste of a fixed initial moisture
content.

2 CONCEPTUAL FRAMEWORK: HBM
MODEL

The HBM framework is a three-part model developed
specifically for the analysis of landfill settlement. It
comprises coupled hydraulic, biodegradation and
mechanical system modules. The algorithm passes
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sequentially from module to module, through link
routines, as shown in Figure 1. System variables are
used within link routines to update the conditions within
which each module operates. In this way, a more
representative condition at each stage of the simulation
is obtained.

The model is implemented using the finite element
method with each module sharing a common mesh.
Finite elements enable various material property and
operational features, such as waste heterogeneity,
anisotropic hydraulic conductivity and simulation of
the filling phase to be handled. Operation of the model,
i.e. preparation of simulation input data and interro-
gation of output data, is done with a graphical user
interface.

2.1 Hydraulic module

The hydraulic model is an unsaturated flow model that
specifies the retention and flow properties of the
waste using van Genuchten (1980) functions. Initial
dry density and a simple solid phase classification
system, in conjunction with phase specific gravities
enable void volume and saturated moisture contents
to be determined. Residual moisture contents are cal-
culated as a function (gravimetric moisture content)
of the solid mass.

Saturated moisture contents are continually updated
for changes in void volume; residual volumetric
moisture contents are updated for changes in solid
mass. Absorptive capacity and associated discharge
or retention throughout the cell are then automatically
determined.
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Figure 1.

2.2 Biodegradation module

The biodegradation model is a simple two-stage anaer-
obic digestion model in which indicative volatile fatty
acid and methanogenic biomass concentrations control
the mineralisation of organic matter. Spatial and tem-
poral distributions of all field variables and related
properties are available. Some key modifications have
been made to reflect more realistically the enzymatic
hydrolysis of solid organic matter including sensitivity
to moisture content, product inhibition and the chang-
ing digestibility of the decomposable fraction. These
modifications are described in detail in McDougall &
Pyrah (2001). A number of natural phenomena and
operational treatments can then be simulated, e.g. sour-
ing due to acid accumulation, addition of methanogenic
inoculum, clean water flushing or leachate recirculation.

2.3 Mechanical model

The mechanical model combines identifiable load-,
creep- and biodegradation-induced effects to analyse
and predict landfill settlement. It is the distinction
between time-dependent creep and rate-limited
biodegradation effects that differentiates the HBM
model from earlier landfill settlement models.
Load-induced settlement is treated as an elastoplas-
tic process with volumetric hardening. Creep strain is
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Schematic diagram showing HBM model components and link routines, together with their form and function.

also an elastoplastic process using an equivalent time
method (Yin & Graham, 1993), which also gives rise
to volumetric hardening.

Biodegradation-induced effects are not treated as a
simple time-dependent process but rate-limited. This
means decomposition is constrained by a maximum
rate but under the influence of acid accumulation or
moisture/nutrient addition may slow down, accelerate,
or stop completely.

A key component of this more fundamental analy-
sis of landfill settlement is the interpretation of the
mechanical consequences of decomposition, i.e. the
impact of solid phase loss on void phase. Here a con-
stitutive relation between two volumetric state variables,
the void phase volume (Vy) and solid phase volume
(Vy), accounts for the impact of decomposition on the
mechanical state. This relation is given by,

dVV = A dVS (1)
where A is a decomposition-induced void change
parameter. A range of responses, summarised in
Figure 2, can be accommodated from which it can be
deduced that either hardening or softening (more
likely) with decomposition can result. For example,
when A = — 1, loss of solids results in a direct and
equal increase in void volume, i.e. there is no change
in overall volume although the solid skeleton is likely
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Figure 2. Reference values for decomposition induced void change parameter A and associated volumetric and mechanical

conditions.

to be much weaker. At the other extreme, where A > e,
loss of solid matter leads to a more compact particle
rearrangement. In this case significant settlement
would occur since both solid and void phase volumes
reduce. A full derivation and explanation of A can be
found in McDougall & Pyrah (2004).

3 SIMULATION OF CELL FILLING

3.1 Problem description, initial conditions &
material properties

The simulations explore the relationship between phase
composition, moisture and biodegradation during the
filling of a landfill cell with waste of fixed initial vol-
umetric moisture content (0.257). The problem is ide-
alised as a vertical columnar section comprising forty
elements of 0.5m high. Each element is disclosed
according to a set filling rate, in this case a rising fill
rate of 0.02 m per day. The disclosure of each element
causes an immediate elasto-plastic compression of
underlying waste. On disclosure mechanical creep and
decomposition are initiated. The base of the column is
treated as a sump, which means any moisture accumu-
lating in the form of a positive leachate head at the
base of the column is removed from the system.

The simulations require a number of hydraulic,
biodegradation and mechanical parameters and their
initial conditions, a summary of which is given in
Table 1 together with adopted values. Of particular
importance is the decomposition-induced void change
parameter, A. Fuller explanations of other parameters
and their default values can be found in McDougall &
Pyrah (2001) and McDougall & Philp (2001).
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Table 1. Simulation input parameters and values.

Input parameter Dimensions Values
Hydraulic

van Genuchten a 1.4
van Genuchten n 1.6
Residual m.c. (w/w) 0.25
Sat'd hydr. conductivity. m.s~! 5% 1073
Ratio: v to h cond. 1
Biodegradation

Max hydrolysis rate g.m’3ﬂaq).d" 2000
Product inhibition mi.g” 2X 1074
Digestibility 0.7
Half rate gm™3 4000
Methanogen growth day™! 0.018
Methanogen death day™! 0.002
Yield coefficient 0.08
Diffusion coefficient m?.day ™! 0.05
Init. degradable fraction. 0.4
Initial VFA concentration. gm™3 300
Init. methanogen. biomass gm™3 250
Mechanical

Elastic stiffness 0.10
Elastoplastic stiffness 0.38
Poisson’s ratio 0.4
Initial yield stress kPa 20
Creep viscosity 0.0015
Decomp-induced void chg —0.6

Decomposition hardening kPa 2

Dry unit wt (as-placed) KN.m™? 5
Inert phase particle wt. kN.m™3 17
Degrad. phase particle wt. KN.m™3 7.3

3.2 Simulation 1: Overburden and creep
effects only

Simulation 1 is run with biodegradation effects
switched off in order to identify load and creep effects.
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Figure 3. Simulation 1: load and creep only. Bulk and dry

unit weights at 800 days.
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Figure 4. Residual (left), actual (middle) and saturated
moisture profiles at 800 days.

Figure 3 shows dry and bulk unit weight profiles for
the waste column after filling (800 days). Although the
initial (as-placed) unit weight of 5 kN/m? is evident in
the uppermost element, the effect of overburden com-
pression and stress-dependent stiffness can clearly be
seen in the column.

Figure 4 shows the residual, actual and saturated
volumetric moisture contents, together with the
as-placed conditions (broken lines). In accordance
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Figure 5. Simulation 2: load, creep and biodegradation.

Bulk and dry unit weights at 800 days.

with the unit weight profiles, there is a markedreduc-
tion in porosity and hence in saturated moisture con-
tent towards the base of the column. Moreover, the
actual moisture content profile differs from that
expected in the rigid soil case. There is no monotonic
reduction in moisture with elevation, indeed the small
increase occurring between 6 m and 12m cannot be
captured by a simple moisture retention curve func-
tion. Nevertheless, the profile is consistent with the
indicated phase composition on which the van
Genuchten moisture retention function is based.

3.3 Simulation 2: Overburden, creep and
biodegradation

With biodegradation effects switched on, the bulk and
dry unit weights shown in Figure 5 are seen to differ
significantly from the previous simulation. Further
signs of the changes in phase composition can be
gained from the residual, actual and saturated mois-
ture contents shown Figure 6.

Solid matter has clearly been removed and led to
void enlargement throughout the system. This is to
be expected where the decomposition-induced void
change parameter, A is equal to —0.6, thereby forcing
a loosening or opening up of the waste skeleton. Note,
however, that the degree of decomposition is greater
at lower elevations. This is in part due to the fact that
the lower waste is older and therefore has had longer
to degrade. It is also due to the apparent increase in
moisture content at lower elevations but care needs to
be exercised in the interpretation of this phenomena.
The increase in moisture may be consistent with a van
Genuchten moisture retention function and the pre-
dicted phase compositions but it is unlikely to be the
case in reality. Indeed, we would expect a more skeletal
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[kg/m?] for selected elements over time.

waste structure, lacking in organic matter, to have a
lower moisture holding capacity. It is therefore neces-
sary to review the use of invariant van Genuchten reten-
tion parameters a & n and consider a dependence upon
decomposition and the evolving phase composition.
The influence of biodegradation is restated in the
solid organic depletion curves for the selection of elem-
ents shown in Fig. 7, where element 1 is at the base of
the column and element 40 is at upper surface. Figure
7 also reveals the disclosure of each element during
the filling phase. The effect of overburden loading on
each element is evident from an increase in organic
matter per unit volume. At the same time decomposi-
tion commences. Depletion curves confirm that
decomposition is greatest, i.e. fastest (due to higher
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moisture contents) and most advanced (due to early
disclosure), in the basal elements.

4 CONCLUSIONS

The extent to which the aforegoing simulations depict
real behaviour in landfilled waste is uncertain. In the
case of leachate retention, field data relating to crude
waste is complicated by the existence of preferential
drainage paths. However, in the future, a more homo-
geneous waste due to mechanical and biological 