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CHAPTER 1
INTRODUCTION

1.1 DEFINITIONS

A foundation is defined as that part of the structure that supports the weight of the structure and
transmits the load to underlying soil or rock. In general, foundation engineering applies the knowl-
edge of geology, soil mechanics, rock mechanics, and structural engineering to the design and con-
struction of foundations for buildings and other structures. The most basic aspect of foundation
engineering deals with the selection of the type of foundation, such as using a shallow or deep foun-
dation system. Another important aspect of foundation engineering involves the development of
design parameters, such as the bearing capacity or estimated settlement of the foundation. Foundation
engineering could also include the actual foundation design, such as determining the type and spac-
ing of steel reinforcement in concrete footings. Foundation engineering often involves both geot-
echnical and structural engineers, with the geotechnical engineer providing the foundation design
parameters such as the allowable bearing pressure and the structural engineer performing the actual
foundation design.

Foundations are commonly divided into two categories: shallow and deep foundations. Table 1.1
presents a list of common types of foundations. In terms of geotechnical aspects, foundation engi-
neering often includes the following (Day, 1999a, 2000a):

¢ Determining the type of foundation for the structure, including the depth and dimensions
* Calculating the potential settlement of the foundation

 Determining design parameters for the foundation, such as the bearing capacity and allowable soil
bearing pressure

e Determining the expansion potential of a site
* Investigating the stability of slopes and their effect on adjacent foundations

* Investigating the possibility of foundation movement due to seismic forces, which would also
include the possibility of liquefaction

* Performing studies and tests to determine the potential for deterioration of the foundation
» Evaluating possible soil treatment to increase the foundation bearing capacity
* Determining design parameters for retaining wall foundations

* Providing recommendations for dewatering and drainage of excavations needed for the construc-
tion of the foundation

* Investigating groundwater and seepage problems and developing mitigation measures during foun-
dation construction

» Site preparation, including compaction specifications and density testing during grading
* Underpinning and field testing of foundations

1.1
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TABLE 1.1 Common Types of Foundations

Category

Common types

Comments

Shallow foundations

Spread footings

Strip footings

Combined footings

Conventional slab-on-grade

Posttensioned slab-on-grade

Raised wood floor

Mat foundation

Spread footings (also called pad footings) are often square in
plan view, are of uniform reinforced concrete thickness, and
are used to support a single column load located directly in the
center of the footing.

Strip footings (also called wall footings) are often used for
load-bearing walls. They are usually long reinforced concrete
members of uniform width and shallow depth.

Reinforced-concrete combined footings are often rectangular or
trapezoidal in plan view, and carry more than one column load.

A continuous reinforced-concrete foundation consisting of
bearing wall footings and a slab-on-grade. Concrete
reinforcement often consists of steel rebar in the footings
and wire mesh in the concrete slab.

A continuous posttensioned concrete foundation. The postten-
sioning effect is created by tensioning steel tendons or cables
embedded within the concrete. Common posttensioned
foundations are the ribbed foundation, California slab,
and PTI foundation.

Perimeter footings that support wood beams and a floor system.
Interior support is provided by pad or strip footings. There is a
crawl space below the wood floor.

A large and thick reinforced-concrete foundation, often of
uniform thickness, that is continuous and supports the entire
structure. A mat foundation is considered to be a shallow
foundation if it is constructed at or near ground surface.

Deep foundations

Driven piles

Other types of piles

Piers

Caissons

Mat or raft foundation

Floating foundation

Basement-type foundation

Driven piles are slender members, made of wood, steel, or
precast concrete, that are driven into place by pile-driving
equipment.

There are many other types of piles, such as bored piles,
cast-in-place piles, and composite piles.

Similar to cast-in-place piles, piers are often of large diameter
and contain reinforced concrete. Pier and grade beam support
are often used for foundation support on expansive soil.

Large piers are sometimes referred to as caissons. A caisson can
also be a watertight underground structure within which
construction work is carried on.

If a mat or raft foundation is constructed below ground surface
or if the mat or raft foundation is supported by piles or piers,
then it should be considered to be a deep foundation system.

A special foundation type where the weight of the structure is
balanced by the removal of soil and construction of an
underground basement.

A common foundation for houses and other buildings in
frost-prone areas. The foundation consists of perimeter footings
and basement walls that support a wood floor system. The
basement floor is usually a concrete slab.

Note: The terms shallow and deep foundations in this table refer to the depth of the soil or rock support of the foundation.

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



INTRODUCTION

INTRODUCTION 1.3

1.2 PROJECT REQUIREMENTS

For some projects, the foundation design requirements will be quite specific and may even be in writ-
ing. For example, a public works project may require a geotechnical investigation consisting of a cer-
tain number, type, and depth of borings, and may also specify the types of laboratory tests to be
performed. The more common situation is where the client is relying on the geotechnical engineer to
prepare a proposal, perform an investigation, and provide foundation design parameters that satisfy the
needs of the project engineers and requirements of the local building officials or governing authority.
The general requirements for foundation engineering projects are as follows (Tomlinson, 1986):

1. Knowledge of the general topography of the site as it affects foundation design and construc-
tion, e.g., surface configuration, adjacent property, the presence of watercourses, ponds, hedges,
trees, rock outcrops, and the available access for construction vehicles and materials

2. The location of buried utilities such as electric power and telephone cables, water mains, and sewers

3. The general geology of the area with particular reference to the main geologic formations under-
lying the site and the possibility of subsidence from mineral extraction or other causes

4. The previous history and use of the site including information on any defects or failures of exist-
ing or former buildings attributable to foundation conditions

5. Any special features such as the possibility of earthquakes or climate factors such as flooding,
seasonal swelling and shrinkage, permafrost, or soil erosion

6. The availability and quality of local construction materials such as concrete aggregates, build-
ing and road stone, and water for construction purposes

7. For maritime or river structures, information on tidal ranges and river levels, velocity of tidal and
river currents, and other hydrographic and meteorological data

*®

A detailed record of the soil and rock strata and groundwater conditions within the zones affected
by foundation bearing pressures and construction operations, or of any deeper strata affecting
the site conditions in any way

9. Results of laboratory tests on soil and rock samples appropriate to the particular foundation
design or construction problems

10. Results of chemical analyses on soil or groundwater to determine possible deleterious effects of

foundation structures

Often the client lacks knowledge of the exact requirements of the geotechnical aspects of the pro-
ject. For example, the client may only have a vague idea that the building needs a foundation, and
therefore a geotechnical engineer must be hired. The owner assumes that you will perform an inves-
tigation and prepare a report that satisfies all of the foundation requirements of the project.

Knowing the requirements of the local building department or governing authority is essential.
For example, the building department may require that specific items be addressed by the geotech-
nical engineer, such as settlement potential of the structure, grading recommendations, geologic
aspects, and for hillside projects, slope stability analyses. Examples of problem conditions requiring
special consideration are presented in Table 1.2. Even if these items will not directly impact the pro-
ject, they may nevertheless need to be investigated and discussed in the geotechnical report.

There may be other important project requirements that the client is unaware of and is relying on
the geotechnical engineer to furnish. For example, the foundation could be impacted by geologic
hazards, such as faults and deposits of liquefaction prone soil. The geotechnical engineer will need
to address these types of geologic hazards that could impact the site.

In summary, it is essential that the geotechnical engineer know the general requirements for the
project (such as the 10 items listed earlier) as well as local building department or other regulatory
requirements. If all required items are not investigated or addressed in the foundation engineering
report, then the building department or regulatory authority may refuse to issue a building permit.
This will naturally result in an upset client because of the additional work that is required, delays in
construction, and possible unanticipated design and construction expenses.
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TABLE 1.2 Problem Conditions Requiring Special Consideration

Problem type

Description

Comments

Soil

Organic soil, highly plastic soil

Sensitive clay
Micaceous soil

Expansive clay, silt, or slag

Liquefiable soil

Collapsible soil
Pyritic soil

Low strength and high compressibility

Potentially large strength loss upon large straining

Potentially high compressibility

Potentially large expansion upon wetting

Complete strength loss and high deformations caused
by earthquakes

Potentially large deformations upon wetting

Potentially large expansion upon oxidation

Rock

Laminated rock
Expansive shale

Pyritic shale
Soluble rock

Cretaceous shale
Weak claystone

Gneiss and schist
Subsidence

Sinkholes

Low strength when loaded parallel to bedding

Potentially large expansion upon wetting; degrades
readily upon exposure to air and water

Expands upon exposure to air and water

Rock such as limestone, limerock, and gypsum that is
soluble in flowing and standing water

Indicator of potentially corrosive groundwater

Low strength and readily degradable upon exposure to
air and water

Highly distorted with irregular weathering profiles and
steep discontinuities

Typical in areas of underground mining or high ground-
water extraction

Areas underlain by carbonate rock (karst topography)

Condition

Negative skin friction
Expansion loading
Corrosive environment

Frost and permafrost
Capillary water

Additional compressive load on deep foundations due
to settlement of soil

Additional uplift load on foundation due to swelling
of soil

Acid mine drainage and degradation of soil and rock

Typical in northern climates

Rise in water level which leads to strength loss for silts
and fine sands

Source: Reproduced with permission from Standard Specifications for Highway Bridges, 16th edition, AASHTO, 1996.

1.3 PRELIMINARY INFORMATION
AND PLANNING THE WORK

The first step in a foundation investigation is to obtain preliminary information, such as the following:

1.

Project location. Basic information on the location of the project is required. The location of the
project can be compared with known geologic hazards, such as active faults, landslides, or
deposits of liquefaction prone sand.

Type of project. 'The geotechnical engineer could be involved with all types of foundation engi-
neering construction projects, such as residential, commercial, or public works projects. It is
important to obtain as much preliminary information about the project as possible. Such informa-
tion could include the type of structure and use, size of the structure including the number of sto-
ries, type of construction and floor systems, preliminary foundation type (if known), and estimated
structural loadings. Preliminary plans may even have been developed that show the proposed
construction.

. Scope of work. At the beginning of the foundation investigation, the scope of work must be

determined. For example, the scope of work could include subsurface exploration and laboratory

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)

Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



INTRODUCTION
INTRODUCTION 15

testing to determine the feasibility of the project, the preparation of foundation design parame-
ters, and compaction testing during the grading of the site in order to prepare the building pad for
foundation construction.

After the preliminary information is obtained, the next step is to plan the foundation investiga-
tion work. For a minor project, the planning effort may be minimal. But for large-scale projects, the
plan can be quite extensive and could change as the design and construction progresses. The plan-
ning effort could include the following:

* Budget and scheduling considerations

 Selection of the interdisciplinary team (such as geotechnical engineer, engineering geologist,
structural engineer, hydrogeologist and the like) that will work on the project

Preliminary subsurface exploration plan, such as the number, location, and depth of borings

Document collection

Laboratory testing requirements

Types of engineering analyses that will be required for the design of the foundation

1.4 ENGINEERING GEOLOGIST

An engineering geologist is defined as an individual who applies geologic data, principles, and inter-
pretation so that geologic factors affecting planning, design, construction, and maintenance of civil
engineering works are properly recognized and utilized (Geologist and Geophysicist Act, 1986). In
some areas of the United States, there may be minimal involvement of engineering geologists except
for projects involving such items as rock slopes or earthquake fault studies. In other areas of the
country, such as California, the geotechnical engineer and engineering geologist usually performs
the geotechnical investigations jointly. The majority of geotechnical reports include both engineer-
ing and geologic aspects of the project and both the geotechnical engineer and engineering geologist
both sign the report. For example, a geotechnical engineering report will usually include an opinion
by the geotechnical engineer and engineering geologist on the engineering and geologic adequacy of
the site for the proposed development.

Table 1.3 (adapted from Fields of Expertise, undated) presents a summary of the fields of exper-
tise for the engineering geologist and geotechnical engineer, with the last column indicating the areas
of overlapping expertise. Note in Table 1.3 that the engineering geologist should have considerable
involvement with foundations on rock, field explorations (such as subsurface exploration and surface
mapping), groundwater studies, earthquake analysis, and engineering geophysics. Since geologic
processes form natural soil deposits, the input of an engineering geologist can be invaluable for nearly
all types of foundation engineering projects.

Because the geotechnical engineer and engineering geologist work as a team on most projects, it
is important to have an understanding of each individual’s area of responsibility. The area of respon-
sibility is based on education and training. According to the Fields of Expertise (undated), the indi-
vidual responsibilities are as follows:

Responsibilities of the Engineering Geologist

1. Description of the geologic environment pertaining to the engineering project

2. Description of earth materials, such as their distribution and general physical and chemical char-
acteristics

3. Deduction of the history of pertinent events affecting the earth materials
4. Forecast of future events and conditions that may develop

5. Recommendation of materials for representative sampling and testing
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TABLE 1.3 Fields of Expertise

INTRODUCTION

Topic

Engineering geologist

Geotechnical engineer

Overlapping areas of expertise

Project planning

Development of geologic
parameters
Geologic feasibility

Design
Material analysis
Economics

Planning investigations
Urban planning
Environmental factors

Mapping

Geologic mapping

Aerial photography

Air photo interpretation
Landforms

Subsurface configurations

Topographic survey
Surveying

Soil mapping
Site selections

Exploration

Geologic aspects (fault
studies, etc.)

Engineering aspects

Conducting field exploration

Planning, observation, and the
like

Selecting samples for testing

Describing and explaining site
conditions

Engineering
geophysics

Soil and rock hardness
Mechanical properties
Depth determinations

Engineering applications

Minimal overlapping of expertise

Classification and
physical properties

Rock description
Soil description (Modified
Wentworth system)

Soil testing
Earth materials
Soil classification (USCS)

Soil description

Earthquakes

Location of faults

Evaluation of active and
inactive faults

Historic record of
earthquakes

Response of soil and rock
materials to seismic activity
Seismic design of structures

Seismicity
Seismic conditions
Earthquake probability

Rock mechanics

Rock mechanics

Description of rock

Rock structure, perfor-
mance, and configuration

Rock testing
Stability analysis
Stress distribution

In situ studies
Regional or local studies

Slope stability

Interpretative

Geologic analyses and
geometrics

Spatial relationship

Engineering aspects of slope
stability analysis and testing

Stability analyses
Grading in mountainous terrain

Surface waters

Geologic aspects during
design

Design of drainage systems
Coastal and river engineering
Hydrology

Volume of runoff

Stream description

Silting and erosion potential
Source of material and flow
Sedimentary processes

Groundwater Occurrence Mathematical treatment of Hydrology
Structural controls well systems
Direction of movement Development concepts
Drainage Underflow studies Regulation of supply Well design, specific yield

Storage computation
Soil characteristics

Economic factors
Lab permeability

Field permeability
Transmissibility

Source:  Adapted from Fields of Expertise (undated).
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6. Recommendation of ways of handling and treating various earth materials and processes

7. Recommendation or providing criteria for excavation (particularly angle of cut slopes) in materi-
als where engineering testing is inappropriate or where geologic elements control stability

8. Inspection during construction to confirm conditions

Responsibilities of the Geotechnical Engineer

. Directing and coordinating the team efforts where engineering is a predominant factor

. Controlling the project in terms of time and money requirements and degree of safety desired
. Engineering testing and analysis

. Reviewing and evaluating data, conclusions, and recommendations of the team members

. Deciding on optimum procedures

. Developing designs consistent with data and recommendations of team members

. Inspection during construction to assure compliance

L N AU AW =

. Making final judgments on economy and safety matters

1.5 OUTLINE OF CHAPTERS

The purpose of this book is to present the geotechnical aspects of foundation engineering. The actual
design of the foundation, such as determining the number and size of steel reinforcement for foot-
ings, which is usually performed by the project structural engineer, will not be covered.

The book is divided into four separate parts. Part 1 (Chaps. 2 to 4) deals with the basic geotechni-
cal engineering work as applied to foundation engineering, such as subsurface exploration, laboratory
testing, and soil mechanics. Part 2 (Chaps. 5 to 14) presents the analysis of geotechnical data and engi-
neering computations needed for the design of foundations, such as allowable bearing capacity, expected
settlement, expansive soil, and seismic analyses. Part 3 (Chaps. 15 to 17) provides information for con-
struction-related topics in foundation engineering, such as grading, excavation, underpinning, and field
load tests. The final part of the book (Part 4, Chaps. 18 and 19) deals with the International Building
Code provisions as applicable to the geotechnical aspects of foundation engineering.

Like most professions, geotechnical engineering has its own terminology with special words and
definitions. App. A presents a glossary, which is divided into five separate sections:

. Subsurface exploration terminology
. Laboratory testing terminology
. Terminology for engineering analysis and computations

. Compaction, grading, and construction terminology

N AW N =

. Geotechnical earthquake engineering terminology

Also included in the appendices are example of a foundation engineering report (App. B), solutions
to the problems provided at the end of each chapter (App. C), and conversion factors (App. D).

A list of symbols is provided at the end of the chapters. An attempt has been made to select those
symbols most frequently listed in standard textbooks and used in practice. Dual units are used
throughout the book, consisting of:

1. Inch-pound units (I-P units), which are also frequently referred to as the United States Customary
System units (USCS)
2. International System of Units (SI)

In some cases, figures have been reproduced that use the old metric system (stress in kg/cm?).
These figures have not been revised to reflect SI units.
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CHAPTER 2
SUBSURFACE EXPLORATION

2.1 INTRODUCTION

As discussed in Chap. 1, the first step in the foundation investigation is to obtain preliminary infor-
mation on the project and to plan the work. The next step is typically to perform the subsurface
exploration. The goal of the subsurface investigation is to obtain a detailed understanding of the engi-
neering and geologic properties of the soil and rock strata and groundwater conditions that could
impact the foundation.

Specific items that will be discussed in the chapter are as follows:

1. Document review (Sec. 2.2)

. Purpose of subsurface exploration (Sec. 2.3)

w N

. Borings (Sec. 2.4), including a discussion of soil samplers, sample disturbance, field tests, boring
layout, and depth of subsurface exploration

. Test pits and trenches (Sec. 2.5)

. Preparation of logs (Sec. 2.6)

. Geophysical techniques (Sec. 2.7)

. Subsurface exploration for geotechnical earthquake engineering (Sec. 2.8)
. Subsoil profile (Sec. 2.9)

o B WY | I N

2.2 DOCUMENT REVIEW

Prior to performing the subsurface exploration, it may be necessary to perform a document review.
Examples of the types of documents that may need to be reviewed are as follows:

Prior Development. 1f the site had prior development, it is important to obtain information on the
history of the site. The site could contain old deposits of fill, abandoned septic systems and leach
fields, buried storage tanks, seepage pits, cisterns, mining shafts, tunnels, and other man-made sur-
face and subsurface works that could impact the new proposed development. There may also be
information concerning on-site utilities and underground pipelines, which may need to be capped or
rerouted around the project.

Aerial Photographs and Geologic Maps. During the course of the work, it may be necessary for
the engineering geologist to check reference materials, such as aerial photographs or geologic maps.
Aerial photographs are taken from an aircraft flying at prescribed altitude along preestablished lines.
Interpretation of aerial photographs takes considerable judgment and because they have more train-
ing and experience, it is usually the engineering geologist who interprets the aerial photographs. By
viewing a pair of aerial photographs, with the aid of a stereoscope, a three-dimensional view of the

23
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land surface is provided. This view may reveal important geologic information at the site, such as
the presence of landslides, fault scarps, types of landforms (e.g., dunes, alluvial fans, glacial deposits
such as moraines and eskers), erosional features, general type and approximate thickness of vegeta-
tion, and drainage patterns. By comparing older versus newer aerial photographs, the engineering
geologist can also observe any man-made or natural changes that have occurred at the site.

Geologic maps can be especially useful to the geotechnical engineer and engineering geologist
because they often indicate potential geologic hazards (e.g., faults landslides and the like) as well as
the type of near surface soil or rock at the site. For example, Fig. 2.1 presents a portion of a geologic
map and Fig. 2.2 shows cross sections through the area shown in Fig. 2.1 (from Kennedy, 1975). Note
that the geologic map and cross sections indicate the location of several faults, the width of the faults,
and often state whether the faults are active or inactive. For example, in Fig. 2.2, the Rose Canyon
Fault zone is shown, which is an active fault having a ground shear zone about 1000 ft (300 m) wide.
The cross sections in Fig. 2.2 also show fault related displacement of various rock layers. Symbols are
used to identify various deposits and Table 2.1 provides a list of geologic symbols versus type of mate-
rial and soil or rock description for the geologic symbols shown in Figs. 2.1 and 2.2.
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FIGURE 2.1 Geologic map. (From Kennedy, 1975.)
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COUNTRY CLUB FAULT

SUBSURFACE EXPLORATION 2.5
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FIGURE 2.2 Geologic cross sections. (From Kennedy, 1975.)

TABLE 2.1 Symbols and Descriptions for Geologic Map and Cross Sections Shown in Fig. 2.1 and 2.2

Geologic symbol

Type of material

Description

Oy Artificial fill Artificial fill consists of compacted earth materials derived from
many sources. Only large areas having artificial fill have been
delineated on the geologic map.

o, Beach sand Sand deposited along the shoreline derived from many sources
as a result of longshore drift and alluvial discharge from major
stream courses.

(o8 Alluvium Soil deposited by flowing water, including sediments deposited
in river beds, canyons, flood plains, lakes, fans at the foot of
slopes, and estuaries.

0., Slope wash Soil and/or rock material that has been transported down a slope
by mass wasting assisted by runoff of water not confined to
channels.

O Landslide Landslides are mass movement of soil or rock that involves shear
displacement along one or several rupture surfaces, which are
either visible or may be reasonably inferred.

pr, O O Formational rock Various sedimentary rock formations formed during the
Pleistocene epoch (part of the Quaternary Period).

T, T/, T, Formational rock Various sedimentary rock formations formed during the Eocene

T, T, epoch (part of the Tertiary Period).
K. Kp Formational rock Various rock formations formed during the Cretaceous Period.

Note: For geologic symbols, Q represents soil or rock deposited during the Quaternary Period, T = Tertiary Period, and K =

Cretaceous Period.
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A major source for geologic maps in the United States is the United States Geological Survey
(USGS). The USGS prepares many different geologic maps, books, and charts and these documents
can be purchased at the online USGS bookstore. The USGS also provides an “Index to Geologic
Mapping in the United States,” which shows a map of each state and indicates the areas where a geo-
logic map has been published.

Topographic Maps. Both old and recent topographic maps can provide valuable site information.
Figure 2.3 presents a portion of the topographic map for the Encinitas Quadrangle, California
(USGS, 1975). As shown in Fig. 2.3, the topographic map is to scale and shows the locations of
buildings, roads, freeways, train tracks, and other civil engineering works as well as natural features
such as canyons, rivers, lagoons, sea cliffs, and beaches. The topographic map in Fig. 2.3 even shows
the locations of sewage disposal ponds, water tanks, and by using different colors and shading, it
indicates older versus newer development. But the main purpose of the topographic map is to indi-
cate ground surface elevations or elevations of the sea floor, such as shown in Fig. 2.3. This infor-
mation can be used to determine the major topographic features at the site and for the planning of
subsurface exploration, such as available access to the site for drilling rigs.

Building Code and Other Specifications. A copy of the most recently adopted local building code
should be reviewed. Usually only a few sections of the building code will be directly applicable to

MOONLIGHT | ey
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Encinitas' |

BM 31]

L
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|
FIGURE 2.3 Topographic map. (From USGS, 1975.)
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TABLE 2.2 Typical Documents that may Need to be Reviewed for the Project

Project phase Type of documents

Design Available design information, such as preliminary data on the type of project to be
built at the site and typical foundation design loads
If applicable, data on the history of the site, such as information on prior fill
placement or construction at the site
Data (if available) on the design and construction of adjacent property

Local building code

Special study data developed by the local building department or other governing
agency

Standard drawings issued by the local building department or other governing
agency

Standard specifications that may be applicable to the project, such as Standard
Specifications for Public Works Construction or Standard Specifications for
Highway Bridges

Other reference material, such as seismic activity records, geologic and
topographic maps, aerial photographs and the like.

Construction Reports and plans developed during the design phase
Construction specifications
Field change orders
Information bulletins used during construction
Project correspondence between different parties
Building department reports or permits

foundation engineering. For example, the main applicable geotechnical section in the International
Building Code (2006) is Chap. 18, “Soils and Foundations.” Depending on the type of project, there
may be other specifications that are applicable for the project and will need to be reviewed. Documents
that may be needed for public works projects include the Standard Specifications for Public Works
Construction (2003) or the Standard Specifications for Highway Bridges (AASHTO, 1996).

Documents at the Local Building Department. Other useful technical documents include
geotechnical and foundation engineering reports for adjacent properties, which can provide an idea
of possible subsurface conditions. A copy of geotechnical engineering reports on adjacent properties
can often be obtained at the archives of public agencies, such as the local building department. Other
valuable reference materials are standard drawings or standard specifications, which can also be
obtained from the local building department.

Forensic Engineering. Reports or other documents concerning the investigation of damaged or
deteriorated structures may discuss problem conditions that could be present at the site (Day, 1999b,
2000b, 2004).

Table 2.2 presents a summary of typical documents that may need to be reviewed prior to or dur-
ing the construction of the project.

2.3 PURPOSE OF SUBSURFACE EXPLORATION

The general purpose of subsurface exploration is to determine the following (AASHTO, 1996):

1. Soil strata
a Depth, thickness, and variability
b Identification and classification
¢ Relevant engineering properties, such as shear strength, compressibility, stiffness, perme-
ability, expansion or collapse potential, and frost susceptibility.
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2.8 GEOTECHNICAL ENGINEERING

TABLE 2.3 Foundation Investigations, Samples, Samplers, and Subsurface Exploration

Foundation investigations

Three types of problems Foundation problems
Construction problems

Groundwater problems

Such as the stability of subsurface materials, deformation and
consolidation, and pressure on supporting structures

Such as the excavation of subsurface material and use of the
excavated material

Such as the flow, action, and use of groundwater

Three phases of investigation ~ Subsurface investigation

Physical testing

Evaluation of data

Consisting of exploration, sampling, and identification in order
to prepare rough or detailed boring logs and soil profiles

Consisting of laboratory tests and field tests in order to develop
rough or detailed data on the variations of physical soil or rock
properties with depth

Consisting of the use of soil mechanics and rock mechanics to
prepare the final design recommendations based on the
subsurface investigation and physical testing

Samples and samplers

Type of samples Altered soil

(nonrepresentative samples)

Disturbed soil
(representative samples)
Undisturbed samples

Soil from various strata that is mixed, has some soil constituents
removed, or foreign materials have been added to the sample

Soil structure is disturbed and there is a change in the void
ratio but there is no change in the soil constituents

No disturbance in soil structure, with no change in water
content, void ratio, or chemical composition

Types of samplers Exploration samplers

Drive samplers

Core boring samplers

Group name for drilling equipment such as augers used for
both advancing the borehole and obtaining samples

Sampling tubes driven without rotation or chopping with
displaced soil pushed aside. Examples include open drive
samplers and piston samplers

Rotation or chopping action of sampler where displaced

material is ground up and removed by circulating water
or drilling fluid

Subsurface exploration

Principal types of Indirect methods

subsurface exploration

Semidirect methods
Direct methods

Such as geophysical methods that may yield limited subsurface
data. Also includes borings that are advanced without taking
soil samples

Such as borings that obtain disturbed soil samples

Such as test pits, trenches, or borings that are used to obtain
undisturbed soil samples

Three phases of subsurface Fact finding and geological

Gathering of data, document review, and site survey by

exploration survey engineer and geologist
Reconnaissance explorations Semidirect methods of subsurface exploration. Rough
determination of groundwater levels
Detailed explorations Direct methods of subsurface exploration. Accurate
measurements of groundwater levels or pore water pressure
Source:  Adapted and updated from Hvorslev (1949).
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2. Rock strata
a Depth to rock
b Identification and classification
¢ Quality, such as soundness, hardness, jointing and presence of joint filling, resistance to
weathering (if exposed), and soluble nature of the rock.
3. Groundwater elevation
4. Local conditions requiring special consideration

In terms of the general procedures and requirements for subsurface exploration, Hvorslev (1949)
states:

Investigation of the distribution, type, and physical properties of subsurface materials are, in some
form or other, required for the final design of most civil engineering structures. These investigations are
performed to obtain solutions to the following groups of problems:

Foundation problems or determination of the stability and deformations of undisturbed subsurface
materials under superimposed loads, in slope and cuts, or around foundation pits and tunnels; and deter-
mination of the pressure of subsurface materials against supporting structures when such are needed.

Construction problems or determination of the extent and character of materials to be excavated or
location and investigation of soil and rock deposits for use as construction materials in earth dams and
fills, for road and airfield bases and surfacing, and for concrete aggregates.

Groundwater problems or determination of the depth, hydrostatic pressure, flow, and composition of
the ground water, and thereby the danger of seepage, underground erosion, and frost action; the influence
of the water on the stability and settlement of structures; its action on various construction materials; and
its suitability as a water supply.

There are many different types of subsurface exploration, such as borings, test pits, or trenches.
Table 2.3 presents general information on foundation investigations, samples and samplers, and sub-
surface exploration. Table 2.4 (from Sowers and Royster, 1978, based on the work by ASTM;
Lambe, 1951; Sanglerat, 1972; Sowers and Sowers, 1970) summarizes the boring, core drilling, sam-
pling and other exploratory techniques that can be used by the geotechnical engineer.

As mentioned earlier, the borings, test pits, or trenches are used to determine the thickness of soil and
rock strata, estimate the depth to groundwater, obtain soil or rock specimens, and perform field tests such
as Standard Penetration Tests (SPT) or Cone Penetration Tests (CPT). The Unified Soil Classification
System (USCS) can be used to classify the soil exposed in the borings or test pits (Casagrande, 1948).
The subsurface exploration and field sampling should be performed in accordance with standard proce-
dures, such as those specified by the American Society for Testing and Materials (ASTM, 1970, 1971,
and D 420-03, 2004) or other recognized sources (e.g., Hvorslev, 1949; ASCE, 1972, 1976, 1978).
App. A (Glossary 1) presents a list of terms and definitions for subsurface exploration.

2.4 BORINGS

A boring is defined as a cylindrical hole drilled into the ground for the purposes of investigating sub-
surface conditions, performing field tests, and obtaining soil, rock, or groundwater specimens for
testing. Borings can be excavated by hand (e.g., hand auger), although the usual procedure is to use
mechanical equipment to excavate the borings.

During the excavation and sampling of the borehole, it is important to prevent caving-in of the
borehole sidewalls. In those cases where boreholes are made in soil or rock and there is no ground-
water, the holes will usually remain stable. Exceptions include clean sand and gravels that may cave-
in even when there is no groundwater. The danger of borehole caving-in increases rapidly with depth
and the presence of groundwater. For cohesive soils, such as firm to hard clay, the borehole may
remain stable for a limited time even though the excavation is below the groundwater table. For other
soils below the groundwater table, borehole stabilization techniques will be required, as follows:

Stabilization with Water. Boreholes can be filled with water up to or above the estimated level of
the groundwater table. This will have the effect of reducing the sloughing of soil caused by water rush-
ing into the borehole. However, water alone cannot prevent caving-in of borings in soft or cohesionless
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soils or a gradual squeezing-in of a borehole in plastic soils. Uncased boreholes filled with water up
to or above the groundwater table can generally be used in rock and for stiff to hard cohesive soils.

Stabilization with Drilling Fluid. An uncased borehole can often be stabilized by filling it with a
properly proportioned drilling fluid, also known as “mud,” which when circulated also removes the
ground-up material located at the bottom of the borehole. The stabilization effect of the drilling fluid
is due to two effects: (1) the drilling fluid has a higher specific gravity than water alone, and (2) the
drilling fluid tends to form a relatively impervious sidewall borehole lining, often referred to as mud-
cake, which prevents sloughing of cohesionless soils and decreases the rate of swelling of cohesive
soils. Drilling fluid is primarily used with rotary drilling and core boring methods.

Stabilization with Casing. The safest and most effective method of preventing caving-in of the
borehole is to use a metal casing. Unfortunately, this type of stabilization is rather expensive. Many
different types of standard metal or special pipe can be used as casing. The casing is usually driven
in place by repeated blows of a drop hammer. It is often impossible to advance the original string of
casing when difficult ground conditions or obstructions are encountered. A smaller casing is then
inserted through the one in place, and the diameter of the extension of the borehole must be
decreased accordingly.

Other Stabilization Methods. One possible stabilization method is to literally freeze the ground and
then drill the boring and cut or core the frozen soil from the ground. The freezing is accomplished by
installing pipes in the ground and then circulating ethanol and crushed dry ice or liquid nitrogen
through the pipes. Because water increases in volume upon freezing, it is important to establish a slow
freezing front so that the freezing water can slowly expand and migrate out of the soil pores. This
process can minimize the sample disturbance associated with the increase in volume of freezing water.

Another method is to temporarily lower the groundwater table and allow the water to drain from
the soil before the excavation of the borehole. The partially saturated soil will then be held together
by capillarity, which will enable the soil strata to be bored and sampled. When brought to the ground
surface, the partially saturated soil specimen is frozen. Because the soil is only partially saturated,
the volume increase of water as it freezes should not significantly disturb the soil structure. The
frozen soil specimen is then transported to the laboratory for testing.

From a practical standpoint, these two methods described earlier are usually uneconomical for
most projects.

There are many different types of equipment used to excavate borings. Typical types of borings
are listed in Table 2.4 and include:

Auger boring. A mechanical auger is the simplest and fastest method of excavating a boring.
Because of these advantages, augers are probably the most common type of equipment used to
excavate borings. The hole is excavated through the process of rotating the auger while at the
same time applying a downward pressure on the auger to help penetrate the soil or rock. There
are basically two types of augers: flight augers and bucket augers (see Fig. 2.4). Common avail-
able diameters of flight augers are 2 in. to 4 ft (5 cm to 1.2 m) and of bucket augers are 1 to 8 ft
(0.3 to 2.4 m). The auger is periodically removed from the hole, and the soil lodged in the blades
of the flight auger or contained in the bucket of the bucket auger is removed. A casing is gener-
ally not used for auger borings and the hole may cave-in during the excavation of loose or soft
soils or when the excavation is below the groundwater table.

Hollow-stem flight auger. A hollow-stem flight auger has a circular hollow core, which allows
for sampling down the center of the auger. The hollow-stem auger acts like a casing and allows
for sampling in loose or soft soils or when the excavation is below the groundwater table.

Wash boring. A wash boring is advanced by the chopping and twisting action of a light bit and
partly by the jetting of water, which is pumped through the hollow drill rod and bit (see Fig. 2.5).
The cuttings are removed from the borehole by the circulating water. Casing is typically required
in soft or cohesionless soil, although it is often omitted for stiff to hard cohesive soil. Loose cut-
tings tend to accumulate at the bottom of the borehole and careful cleaning of the hole is required
before samples are taken.
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FIGURE 2.4 A flight auger drill rig (top) and a bucket auger drill rig (bottom).

Rotary drilling.  For rotary drilling, the borehole is advanced by the rapid rotation of the drilling
bit that cuts, chips, and grinds the material located at the bottom of the borehole into small par-
ticles. In order to remove the small particles, water or drilling fluid is pumped through the drill
rods and bit and ultimately up and out of the borehole. Instead of using water or drilling fluid,
forced air from a compressor can be used to cool the bit and remove the cuttings (see ASTM
D 2113, 2004). A drill machine and rig, such as shown in Fig. 2.6, are required to provide the
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FIGURE 2.5 Wash boring setup. (From Hvorslev, 1949.)
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FIGURE 2.6 Rotary drilling setup. (Reprinted with permission of ASTM D 2113-99, 2004).
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rotary power and downward force required to excavate the boring. Other rotary drilling details
are provided in Table 2.4.

Percussion drilling. This type of drilling equipment is often used to penetrate hard rock, for
subsurface exploration or for the purpose of drilling wells. The drill bit works much like a jack-
hammer, rising and falling to break-up and crush the rock material. Percussion drilling works best
for rock and will be ineffective for such materials as soft clay and loose saturated sand.

It takes considerable experience to anticipate which type of drill rig and sampling equipment
would be best suited to the site under investigation. For example, if downhole logging is required,
then a large diameter bucket auger boring is needed (Fig. 2.4). A large diameter boring, typically
30 in. (0.76 m) in diameter, is excavated and then the geotechnical engineer or engineering geol-
ogist descends into the borehole. Figure 2.7 shows a photograph of the top of the boring with
the geologist descending into the hole in a steel cage. Note in Fig. 2.7 that a collar is placed
around the top of the hole to prevent loose soil or rocks from being accidentally knocked down
the hole. The process of downhole logging is a valuable technique because it allows the
geotechnical engineer or engineering geologist to observe the subsurface materials, as they exist in-
place. Usually the process of the excavation of the boring smears the side of the hole, and the sur-
face must be chipped away to observe intact soil or rock. Going downhole is dangerous because
of the possibility of a cave-in of the hole as well as “bad air” (presence of poisonous gases or
lack of oxygen) and should only be attempted by an experienced geotechnical engineer or engi-
neering geologist.

The downhole observation of soil and rock can lead to the discovery of important subsurface
conditions. For example, Fig. 2.8 provides an example of the type of conditions observed down-
hole. Figure 2.8 shows a knife that has been placed in an open fracture in bedrock. Massive land-
slide movement caused the open fracture in the rock. Figure 2.9 is a side view of the same
condition.

In general, the most economical equipment for borings are truck mounted rigs that can quickly
and economically drill through hard or dense soil. It some cases, it is a trial and error process of

- .:.”. ‘:.}'\\I. I

FIGURE 2.7 Downhole logging (arrow points to top of steel cage used for downhole logging).
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FIGURE 2.8 Knife placed in an open fracture in bedrock caused by landslide movement (photograph
taken downhole in a large diameter auger boring).

using different drill rigs to overcome access problems or difficult subsurface conditions. For exam-
ple, one deposit encountered by the author consisted of hard granite boulders surrounded by soft
and highly plastic clay. The initial drill rig selected for the project was an auger drill rig, but the
auger could not penetrate through the granite boulders. The next drill rig selected was an air track
rig, which uses a percussion drill bit that easily penetrated through the granite boulders, but the soft
clay plugged up the drill bit and it became stuck in the ground. Over 50 ft (15 m) of drill stem could
not be removed from the ground and it had to be left in place, a very costly experience with diffi-
cult drilling conditions.

Some of my other memorable experiences with drilling are as follows:

. Drilling accidents. Most experienced drillers handle their equipment safely, but accidents can

happen to anyone. One day, as I observed a drill rig start to excavate the hole, the teeth of the
auger bucket caught on a boulder. The torque of the auger bucket was transferred to the drill rig,
and it flipped over. Fortunately, no one was injured.

. Underground utilities. Before drilling, the local utility company, upon request, will locate their

underground utilities by placing ground surface marks that delineate utility alignments. An inci-
dent involving a hidden gas line demonstrates that not even utility locators are perfect. On a par-
ticularly memorable day, I drove a Shelby tube sampler into a 4 in. (10 cm) diameter pressurized
gas line. The noise of escaping gas was enough to warn of the danger. Fortunately, an experienced
driller knew what to do: turn off the drill rig and call 911.

. Downhole logging. As previously mentioned, a common form of subsurface exploration in

southern California is to drill a large-diameter boring, usually 30 in. (0.76 m) in diameter. Then
the geotechnical engineer or engineering geologist descends into the earth to get a close-up view
of soil conditions. On this particular day, several individuals went down the hole and noticed a
small trickle of water in the hole about 20 ft (6 m) down. The sudden and total collapse of the
hole riveted the attention of the workers, especially the geologist who had moments before been
down at the bottom of the hole.
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FIGURE 2.9 Side view of condition shown in Fig. 2.8.

Because subsurface exploration has a potential for serious or even fatal injury, it is especially
important that young engineers and geologists be trained to evaluate the safety of engineering oper-
ations in the field. This must be done before they supervise field operations.

2.4.1 Rock and Soil Samplers

There are many different types of samplers used to retrieve soil and rock specimens from the boring. For
example, three types of soil samplers are shown in Fig. 2.10, the California sampler, Shelby tube, and
SPT sampler. One of the most important first steps in sampling is to clean-out the bottom of the bore-
hole in order to remove the loose soil or rock debris that may have fallen to the bottom of the borehole.

For hard rock, coring is used to extract specimens (see Table 2.4). The coring process consists of
rotating a hollow steel tube, known as a core barrel, which is equipped with a boring bit. The drilled
rock core is collected in the core barrel as the drilling progresses. Once the rock core has been cut
and the core barrel is full, the drill rods are pulled from the borehole and the rock core is extracted
from the core barrel. A rotary drill rig, such as shown in Fig. 2.6, is often used for the rock coring
operation. For further details on rock core drill and sampling, see ASTM D 2113-99 (2004),
“Standard Practice for Rock Core Drilling and Sampling of Rock for Site Investigation.”

For soil, the most common method is to force a sampler into the soil by either hammering, jack-
ing, or pushing the sampler into the soil located at the bottom of the borehole. Soil samplers are typ-
ically divided into two types.

Thin-Walled Soil Sampler. The most common type of soil sampler used in the United States is the
Shelby tube, which is a thin-walled sampling tube consisting of stainless steel or brass tubing. In order
to slice through the soil, the Shelby tube has a sharp and drawn-in cutting edge. In terms of dimen-
sions, typical diameters are from 2 to 3 in. (5 to 7.6 cm) and lengths vary from 2 to 3 ft (0.6 to 0.9 m).

The typical arrangement of drill rod, sampler head, and thin-wall tube sampler is shown in
Fig. 2.11. The sampler head contains a ball check valve and vents for escape of air and water during
the sampling process. The drill rig equipment can be used to either hammer, jack, or push the sam-
pler into the soil. The preferred method is to slowly push the sampler into the soil by using hydraulic
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FIGURE 2.10 Soil samplers (no. 1 is the California sampler in an open condition, no. 2 is a
Shelby tube, and no. 3 is the standard penetration test sampler).

jacks or the weight of the drilling equipment. Thin-walled soil samplers are used to obtain undis-
turbed soil samples, which will be discussed in the next section. For further details on thin-walled
sampling, see ASTM D 1587-00 (2004), “Standard Practice for Thin-Walled Tube Sampling of Soils
for Geotechnical Purposes.”

Thick-Walled Soil Sampler. Thin-walled samplers may not be strong enough to sample gravelly
soils, very hard soils, or cemented soils. In such cases, a thick-walled soil sampler will be required.
Such samplers are often driven into place by using a drop hammer. The typical arrangement of drill
rod, sampler head, and barrel when driving a thick-walled sampler is shown in Fig. 2.11.

Many localities have developed thick-walled samplers that have proven successful for local con-
ditions. For example, in southern California, a common type of sampler is the California sampler,
which is a split-spoon type sampler that contains removable internal rings, 1.0 in. (2.54 cm) in height.
Figure 2.10 shows the California sampler in an open condition, with the individual rings exposed. The
California sampler has a 3.0 in. (7.6 cm) outside diameter and a 2.50 in. (6.35 cm) inside diameter.
This sturdy sampler, which is considered to be a thick-walled sampler, has proven successful in
sampling hard and desiccated soil and soft sedimentary rock common in southern California. Another
type of thick-walled sampler is the SPT sampler, which will be discussed in Sec. 2.4.3.

For further details on thick-walled sampling, see ASTM D 3550-01 (2004), “Standard Practice
for Thick Wall, Ring-Lined, Split Barrel, Drive Sampling of Soils.”
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2.4.2 Sample Disturbance

This section will discuss the three types of soil samples that can be obtained during the subsurface
exploration. In addition, this section will also discuss sampler and sample ratios used to evaluate
sample disturbance; factors that affect sample quality; x-ray radiography; and transporting, preserv-
ing, and disposal of soil samples.

Soil Samples. There are three types of soil samples that can be recovered from borings:

Altered Soil (also known as Nonrepresentative Samples). During the boring operations, soil can
be altered due to mixing or contamination. Such materials do not represent the soil found at the bot-
tom of the borehole and hence should not be used for visual classification or laboratory tests. Some
examples of altered soil are as follows:

Failure to clean the bottom of the boring. If the boring is not cleaned out prior to sampling, a
soil sample taken from the bottom of the borehole may actually consist of cuttings from the side
of the borehole. These borehole cuttings, which have fallen to the bottom of the borehole, will
not represent in situ conditions at the depth sampled.

Soil contamination. In other cases, the soil sample may become contaminated with drilling
fluid, which is used for wash-type borings. These samples are often called wash samples or wet
samples because they are washed out of the borehole and allowed to settle in a sump at ground
surface. These types of soil samples that have been contaminated by the drilling process should
not be used for laboratory tests because they will lead to incorrect conclusions regarding subsur-
face conditions.

Soil mixing.  Soil or rock layers can become mixed during the drilling operation, such as by the
action of a flight auger. For example, suppose varved clay, which consists of thin alternating lay-
ers of sand and clay, becomes mixed during the drilling and sampling process. Obviously labo-
ratory tests would produce different results when performed on the mixed soil as compared to
laboratory tests performed on the individual sand and clay layers.

Change in moisture content. ~ Soil that has a change in moisture content due to the drilling fluid
or from heat generated during the drilling operations should also be classified as altered soil.

Densified soil. Soil that has been densified by over-pushing or over-driving the soil sampler
should also be considered as altered because the process of over-pushing or over-driving could
squeeze water from the soil. Figure 2.12 shows a photograph of the rear end of a Shelby tube sam-
pler. The soil in the sampler has been densified by being over-pushed as indicated by the smooth
surface of the soil and the mark in the center of the soil (due to the sampler head).

In summary, any soil or rock where the mineral constituents have been removed, exchanged, or
mixed should be considered as altered soil.

Disturbed Samples (also known as Representative Samples). It takes considerable experience and
judgment to distinguish between altered soil and disturbed soil. In general, disturbed soil is defined
as soil that has not been contaminated by material from other strata or by chemical changes, but the
soil structure is disturbed and the void ratio may be altered. In essence, the soil has only been
remolded during the sampling process. For example, soil obtained from driven thick-walled sam-
plers, such as the SPT spilt spoon sampler, or chunks of intact soil brought to the surface in an auger
bucket (i.e., bulk samples) are considered disturbed soil.

Disturbed soil can be used for visual classification as well as numerous types of laboratory tests.
Example of laboratory tests that can be performed on disturbed soil include water content, specific
gravity, Atterberg limits, sieve and hydrometer tests, expansion index test, chemical composition
(such as soluble sulfate), and laboratory compaction tests such as the Modified Proctor.

Undisturbed Samples. Undisturbed samples may be broadly defined as soil that has been subjected to
no disturbance or distortion and the soil is suitable for laboratory tests that measure the shear strength,
consolidation, permeability, and other physical properties of the in situ material. As a practical matter,
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e . S s
FIGURE 2.12 Densified soil due to overpushing a Shelby tube.

it should be recognized that no soil sample can be taken from the ground and be in a perfectly undis-
turbed state. But this terminology has been applied to those soil samples taken by certain sampling meth-
ods. Undisturbed samples are often defined as those samples obtained by slowly pushing thin-walled
tubes, having sharp cutting ends and tip relief, into the soil.

Undisturbed soil samples are essential in many types of foundation engineering analyses, such as
the determination of allowable bearing pressure and settlement. Many soil samples may appear to be
undisturbed but they have actually been subjected to considerable disturbance of the soil structure.
It takes considerable experience and judgment to evaluate laboratory test results on undisturbed soil
samples as compared to test results that may be inaccurate due to sample disturbance.

Sampler and Sample Ratios Used to Evaluate Sample Disturbance. Figure 2.13 presents various
sampler and sample ratios that are used to evaluate the disturbance potential of different samplers
and of the soil samples themselves. For soil samplers, the two most important parameters to evalu-
ate disturbance potential are the inside clearance ratio and area ratio, defined as follows:

Inside clearance ratio = D - D, 2.1
D}’-D?
Area ratio = % 2.2)

e

where D, = diameter at the sampler cutting tip (cm or in.)
D_ = inside diameter of the sampling tube (cm or in.)
D, = outside diameter of the sampling tube, see Fig. 2.13 (cm or in.)

So that they can be expressed as a percentage, both the inside clearance ratio and area ratio are
typically multiplied by 100. Note in Fig. 2.13 that because common terms cancel out, the area ratio
can be defined as the volume of displaced soil divided by the volume of the sample.
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FIGURE 2.13 Sampler and sample ratios used to evaluate sample disturbance. (From Hvorslev, 1949.)

In general, a sampling tube for undisturbed soil specimens should have an inside clearance ratio
of about 1 percent and an area ratio of about 10 percent or less. Having an inside clearance ratio of
about 1 percent provides for tip relief of the soil and reduces the friction between the soil and inside
of the sampling tube during the sampling process. A thin film of oil can be applied at the cutting edge
to also reduce the friction between the soil and metal tube during sampling operations. The purpose
of having a low area ratio and a sharp cutting end is to slice into the soil with as little disruption and
displacement of the soil as possible. Shelby tubes are manufactured to meet these specifications and
are considered to be undisturbed soil samplers. As a comparison, the California sampler has an area
ratio of 44 percent and is considered to be a thick-walled sampler.

Figure 2.13 also presents common ratios that can be used to assess the possibility of sample dis-
turbance of the actual soil specimen. Examples include the total recovery ratio, specific recovery
ratio, gross recovery ratio, net recovery ratio, and true recovery ratio. These disturbance parameters
are based on the compression of the soil sample due to the sampling operations. Because the length
of the soil specimen is often determined after the sampling tube is removed from the borehole, a
commonly used parameter is the gross recovery ratio, defined as:

L,
Gross recovery ratio = E” 2.3)
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where L, is gross length of sample, which is the distance from the top of the sample to the cutting
edge of the sampler after removal of the sampler from the boring (in. or cm). H is depth of penetra-
tion of the sampler, which is the distance from the original bottom of the borehole to the cutting edge
of the sampler after it has been driven or pushed in place (in. or cm).

The closer the gross recovery ratio is to 1.0 (or 100 percent), the better the quality of the soil specimen.

Factors that Affect Sample Quality. 1t is important to understand that using a thin wall tube, such
as a Shelby tube, or obtaining a gross recovery ratio of 100 percent would not guarantee an undis-
turbed soil specimen. Many other factors can cause soil dis-
turbance, such as:

Pieces of hard gravel or shell fragments in the soil, which
can cause voids to develop along the sides of the sam-
pling tube during the sampling process

e Soil adjustment caused by stress relief when making a
borehole

Disruption of the soil structure due to hammering or push-
ing the sampling tube into the soil stratum

Tensile and torsional stresses which are produced in sep-
arating the sample from the subsoil

Creation of a partial or full vacuum below the sample as
it is extracted from the subsoil

» Expansion of gas during retrieval of the sampling tube as
the confining pressure is reduced to zero

e Jarring or banging the sampling tube during transporta-
tion to the laboratory

* Roughly removing the soil from the sampling tube

 Crudely cutting the soil specimen to a specific size for a
laboratory test

The actions listed earlier cause a decrease in effective
stress, a reduction in the interparticle bonds, and a rearrange-
ment of the soil particles. An “undisturbed” soil specimen
will have little rearrangement of the soil particles and per-
haps no disturbance except that caused by stress relief where
there is a change from the in situ k (at-rest) condition to an
isotropic perfect sample stress condition (Ladd and Lambe,
1963). A disturbed soil specimen will have a disrupted soil
structure with perhaps a total rearrangement of soil particles.
When measuring the shear strength or deformation charac-
teristics of the soil, the results of laboratory tests run on
undisturbed specimens obviously better represent in situ
properties than laboratory tests run on disturbed specimens.

Some examples of disturbed soil are shown in Figs. 2.14
to 2.16 and described as follows: SPEC. RECOVERY OF SECTION =100 %

SOFT VARVED CLAY - DEPTH 5§ FT.
434" MOHR SAMPLER - HAMMERING

Turning of edges. Turning or bending of edges of var- SERIOUS DISTORTIONS
ious thin layers show as curved down edges on the sides WITH FULL RECOVERY

of the specimen. This effect is d.ue to the friction FIGURE 2.14 A type of sample distur-
between the soil and sampler. Turning of edges could -\ """ turning of edges. Note that a
also occur when the soil specimen is pushed out of the  Mohr sampler is also known as a Shelby
back of the sampler in the laboratory. The turning of  tube. (From Hvorslev, 1949.)
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A 8
VARVED CLAY = DEPTH 5' SANDY AND SILTY CLAY
2" PIGGOT SAMPLER DEPTH 18" — 2" SHELBY TUBING
SHOOTING HAMMERING

DRAG AND DISTORTION BY INSIDE FRICTION

FIGURE 2.15 More examples of sample disturbance due to the friction between
the sampler and soil. (From Hvorslev, 1949.)

edges can also be created when the sampler is hammered into the soil. Examples of turning of

edges are shown in Figs 2.14 and 2.15.

Shear failures. Figure 2.16 shows four examples of shear failure of the soil within the sampler.
This sample disturbance occurred during the pushing of Shelby tubes into medium soft silty clay.

X-ray Radiography of Soil Samples. Although rarely used in practice, one method of assessing the
quality of soil samples is to obtain an x-ray radiograph of the soil contained in the sampling tube. A
radiograph is a photographic record produced by the passage of x-rays through an object and onto
photographic film. Denser objects absorb the x-rays and can appear as dark areas on the radiograph.
‘Worm holes, coral fragments, cracks, gravel inclusions, and sand or silt seams can easily be identi-

fied by using radiography (Allen et al., 1978).

Figures 2.17 and 2.18 present two radiographs taken of Orinoco Clay contained within Shelby

tubes. These two radiographs illustrate additional types of soil disturbance:
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FIGURE 2.17 Radiograph of Orinoco clay within a Shelby tube. (From Day, 1980; Ladd et al.,
1980.)

Voids. The top of Fig. 2.17 shows large white areas, which are the locations of soil voids. The
causes of such voids are often due to sampling and transporting process. The open voids can be
caused by many different factors, such as gravel or shells which impact with the cutting end of the
sampling tube and/or scrape along the inside of the sampling tube and create voids. The voids and
highly disturbed clay shown at the top of Fig. 2.17 are possibly due to cuttings inadvertently left
at the bottom of the borehole. Some of the disturbance could also be caused by tube friction dur-
ing sampling as the clay near the tube wall becomes remolded as it travels up the tube.
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FIGURE 2.18 Radiograph of Orinoco clay within a Shelby tube. (From Day, 1980; Ladd et al.,
1980.)

Soil cracks. Figures 2.17 and 2.18 show numerous cracks in the clay. For example, the arrows
labeled 1 point to some of the soil cracks in Figs. 2.17 and 2.18. Some of the cracks appear to
be continuous across the entire sampling tube (e.g., arrow labeled 2, Fig. 2.17). The soil cracks
probably developed during the sampling process. A contributing factor in the development of the
soil cracks may have been gas coming out of solution, which fractured the clay.
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Gas related voids. The circular voids (labeled 3) shown in Fig. 2.17 were caused by gas com-
ing out of solution during the sampling process when the confining pressures were essentially
reduced to zero.

In contrast to soil disturbance, the arrow labeled 4 in Fig. 2.18 indicates an undisturbed section of the
soil sample. Note in Fig. 2.18 that the individual fine layering of the soil sample can even be observed.

For further details on x-ray radiography, see ASTM D 4452-02, 2004, “Standard Test Methods
for X-Ray Radiography of Soil Samples.”

Transporting Soil Samples. During transport to the laboratory, soil samples recovered from the
borehole should be kept within the sampling tube or sampling rings. In order to preserve soil sam-
ples during transportation, the soil sampling tubes can be tightly sealed with end caps and duct tape.
For sampling rings, they can be placed in cylindrical packing cases that are then thoroughly sealed.
Bulk samples can be placed in plastic bags, pails, or other types of waterproof containers. The goal
of the transportation of soil samples to the laboratory is to prevent a loss of moisture. In addition, for
undisturbed soil specimens, they must be cushioned against the adverse effects of transportation
induced vibration and shock. Protection may also need to be provided against adverse temperature
changes, such as overheating or freezing of the soil.

The soil samples should be marked with the file or project number, date of sampling, name of
engineer or geologist who performed the sampling, and boring number and depth (e.g., B-1 @ 20-
21 ft). Other items that may need to be identified are as follows (ASTM D 4220-00, 2004):

. Sample orientation (if necessary)

Special shipping and laboratory handling instructions

. Penetration test data (if applicable)

. Subdivided samples must be identified while maintaining association to the original sample

Nk W=

. If required, sample traceability record

Preserving Soil Samples. For ordinary metal sampling tubes, water and oxygen from the soil sam-
ple can cause the formation of rust within the sample tube leading to sample disturbance. This for-
mation of rust could adversely affect laboratory test results. Thus if the soil samples are to be stored
for any length of time in their sampling tubes, then the tubes should be made of brass, stainless steel,
or galvanized metal in order to inhibit corrosion.

Soil samples can also be extruded from the sampling tubes and then sealed in moisture resistant
containers. One option is to extrude the soil from the sampling tube and then completely seal the soil
specimen in wax. Aluminum foil, cheesecloth, or plastic wrap is first placed around the soil in order
to reduce the possibility of the penetration of molten wax into the fissures. Then molten wax is
brushed onto the soil specimen in order to completely seal the soil. It is important that the wax is
only heated to a temperature that is slightly above its melting point. Using molten wax at too high a
temperature could dry-out the soil specimen or it may be so fluid that it penetrates into the pores and
cracks in the soil sample.

Some laboratories may come equipped with a humid room. This typically consists of a room that
has a low temperature and humidity at or near 100 percent. To reduce the possibility of drying of the
soil specimens, the sealed sampling tubes containing soil or soil samples contained in moisture resis-
tant containers can be placed in the humid room. The humid room could be used to store soil sam-
ples that have a high water content or those soil samples obtained below the groundwater table.
However, certain types of soil samples should never be stored in humid rooms. For example, in the
desert southwestern United States, the soil may be in a dry and desiccated state. Storing samples in
a humid room could cause the desiccated soil to absorb water and hence reduce the swelling poten-
tial of the soil. As a general rule of thumb, it is best to store soil samples in an environment that as
closely as possible matches the field conditions.

For further details on preserving and transporting soil specimens see ASTM D 4220-00 (2004),
“Standard Practices for Preserving and Transporting Soil Samples.” For preserving and transporting
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rock core samples, see ASTM D 5079-02 (2004), “Standard Practices for Preserving and Transporting
Rock Core Samples.”

Disposal of Soil Samples. Although this textbook only deals with the laboratory testing discussion
of clean soil which does not contain any known or suspected hazardous materials, there may still be
regulations concerning the transportation, storage, and disposal of soil. For example, the U.S.
Department of Agriculture regulates the transportation, storage, and disposal of soil in the United
States. In addition, there may be state or local regulations for quarantine areas. The main purpose of
these regulations is to prevent the spread of pests, such as fire ants, insect larvae, fungus, spores, and
other undesirable plant and animal life.

Especially for near surface sampling, the soil samples taken during the subsurface exploration
could contain such pests. The best procedure to prevent the spread of pests is to transport all soil
specimens in sealed containers and keep the specimens within the containers during storage. When
the laboratory tests are complete, the soil can be returned and sealed within its original container.
Then the sealed containers could be discarded in a dumpster for eventual proper disposal in a munic-
ipal landfill. Soil samples should not be placed outside (such as for air drying), but rather a drying
oven can be used to reduce the water content of the soil. Under no circumstances should soil ever be
dumped outside or taken home and used as garden material.

2.4.3 Standard Penetration Test

There are several different types of field tests that can be performed at the time of drilling. For exam-
ple, the SPT consists of driving a thick-walled sampler in order to determine the driving resistance
of the soil (see Fig. 2.10).

Test Procedure. The SPT can be used for all types of soil, but in general, the SPT is most often
used for sand deposits. The SPT can be especially of value for clean sand deposits where the sand
falls or flows out from the sampler when retrieved from the ground. Without a soil sample, other
types of tests, such as the SPT, must be used to assess the engineering properties of the sand. Often
when drilling a borehole, if subsurface conditions indicate a sand strata and sampling tubes come up
empty, the sampling gear can be quickly changed to perform SPT.

The system to drive the SPT sampler into the soil, known as the drive-weight assembly, basically
consists of the hammer, hammer fall guide, anvil, and a hammer release system.

Hammer. The metal hammer is successively lifted and dropped in order to provide the energy that
drives the SPT sampler into the ground.

Hammer Fall Guide. This part of the drive-weight assembly is used to guide the fall of the ham-
mer as it strikes the anvil.

Anvil. This is the portion of the drive-weight assembly which the hammer strikes and through
which the hammer energy is passed into the drill rods.

Hammer Release System. This is the part of the drive-weight assembly by which the operator lifts
and drops the hammer. Two types of systems are commonly utilized, as follows:

1. The first hammer release system is the trip, automatic, or semiautomatic system, where the ham-
mer is lifted and allowed to drop unimpeded.

2. The second hammer release system is commonly referred to as the cathead release system. It is a
method of raising and dropping the hammer that uses a rope slung through a center crown sleeve
or pulley on the drill rig mast and turns on a cathead to lift the hammer. The cathead is defined
as a spinning sleeve or rotating drum around which the drill rig operator wraps the rope used to
lift and drop the hammer by successively tightening and loosening the rope turns around the
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drum. The drill rig operator should use two rope turns on the cathead when lifting the hammer
because more than two rope turns on the cathead impedes the fall of the hammer.

There are many different types of hammers utilized for the SPT. A commonly used hammer type
is the safety hammer, which is defined as a drive-weight assembly consisting of a center guide rod,
internal anvil, and hammer that encloses the hammer-anvil contact. Typical internal designs of safety
hammers are shown in ASTM D 6066-96 (2004).

Per ASTM D 1586-99 (2004), “Standard Test Method for Penetration Test and Split-Barrel Sampling
of Soils,” sampler dimensions and test parameters for the SPT must be as follows:

» Sampler inside tube diameter = 1.5 in. (3.81 cm), see Fig. 2.19
» Sampler outside tube diameter = 2.0 in. (5.08 cm), see Fig. 2.19

» Sampler is driven by a metal drop hammer that has a weight of 140 Ib. (63.5 kg) and a free-fall dis-
tance of 30 in. (0.76 m)

e Sampler is driven a total of 18 in. (45 cm), with the number of blows recorded for each 6 in. (15 cm)
interval

The measured N value (blows per ft) is defined as the penetration resistance, which equals the
sum of the number of blows needed to drive the SPT sampler over the depth interval of 6 to 18 in.
(15 to 45 cm). The reason the number of blows required to drive the SPT sampler for the first 6 in.
(15 cm) is not included in the N value is because the drilling process often disturbs the soil at the
bottom of the borehole and the readings from 6 to 18 in. (15 to 45 cm) are believed to be more rep-
resentative of the in situ penetration resistance of the sand.

It is desirable to apply hammer blows at a rate of about 20 to 40 blows per min. After perform-
ing the SPT, the minimum recommended borehole cleanout is 1 ft (0.3 m). Thus, since the SPT itself
requires 1.5 ft (0.46 m) of penetration, the minimum vertical spacing between tests is 2.5 ft (0.76 m).
Often a larger vertical spacing of 3 to 5 ft (0.9 to 1.5 m) is used between each SPT.

Factors that Can Affect the SPT. The measured N value can be influenced by the type of soil, such
as the amount of fines and gravel size particles in the soil. Saturated sands that contain appreciable
fine soil particles, such as silty or clayey sands, could give abnormally high N values if they have
a tendency to dilate or abnormally low N values if they have a tendency to contract during the
undrained shear conditions associated with driving the SPT sampler. Gravel size particles increase
the driving resistance (hence increased N value) by becoming stuck in the SPT sampler tip or barrel.

A factor that could influence the measured N value is groundwater. It is important to maintain a
level of water in the borehole at or above the in situ groundwater level. This is to prevent ground-
water from rushing into the bottom of the borehole, which could loosen the sand and result in low
measured N values.

Besides soil and groundwater conditions described earlier, there are many different testing factors
that can influence the accuracy of the SPT readings (see Table 2.5). For example, the hammer effi-
ciency, borehole diameter, and the rod lengths could influence the measured N value. The following
equation is used to compensate for these testing factors by multiplying together four factors as fol-
lows (Skempton, 1986):

E
Nyy=C,C.N|—=
w=GC, (6()] 24)

where N, = standard penetration test N value corrected for field testing procedures.
C, = borehole diameter correction (C, = 1.0 for boreholes of 65 to 115 mm diameter, 1.05
for 150 mm diameter, and 1.15 for 200 mm diameter hole).
C =rod length correction (C, = 0.75 for up to 4 m of drill rods, 0.85 for 4 to 6 m of drill
rods, 0.95 for 6 to 10 m of drill rods, and 1.00 for drill rods in excess of 10 m).
N = measured standard penetration test N value
E = hammer efficiency in percent, as described later

m
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TABLE 2.5 Factors that can Affect the Standard Penetration Test Results

Factors that can affect
the standard penetration
test results

Comments

Inadequate cleaning
of the borehole

SPT is only partially made in original soil. Sludge may be trapped in the sampler and compressed
as the sampler is driven, increasing the blow count. This may also prevent sample recovery.

Not seating the sampler
spoon on undisturbed
material

Incorrect N value is obtained.

Driving of the sampler
spoon above the
bottom of the casing

The N value is increased in sands and reduced in cohesive soil.

Failure to maintain
sufficient hydrostatic
head in boring

The water table in the borehole must be at least equal to the piezometric level in the sand; otherwise
the sand at the bottom of the borehole may be transformed to a loose state.

Attitude of operators

Blow counts for the same soil using the same rig can vary, depending on who is operating the rig
and perhaps the mood of operator and time of drilling.

Overdriven sample

Higher blow counts usually result from overdriven sampler.

Sampler plugged Higher blow counts result when gravel plugs the sampler. The resistance of loose sand could be
by gravel highly overestimated.
Plugged casing High N values may be recorded for loose sand when sampling below the groundwater table.

Hydrostatic pressure causes sand to rise and plug the casing.

Overwashing ahead
of casing

Low blow count may result for dense sand since sand is loosened by overwashing.

Drilling method

Drilling technique (e.g., cased holes versus mud-stabilized holes) may result in different N values
for the same soil.

Not using the standard
hammer drop

Energy delivered per blow is not uniform. European countries have adopted an automatic trip
hammer not currently in use in North America.

Free fall of the drive
weight is not attained

Using more than 1.5 turns of rope around the drum and/or using wire cable will restrict the fall of
the drive weight.

Not using the correct
weight

Driller frequently supplies drive hammers with weights varying from the standard by as much as
10 Ib.

Weight does not strike the
drive cap concentrically

Impact energy is reduced, increasing the N value.

Not using a guide rod

Incorrect N value is obtained.

Not using a good tip on
the sampling spoon

If the tip is damaged and reduces the opening or increases the end area, the N value can be
increased.

Use of drill rods heavier
than standard

With heavier rods, more energy is absorbed by the rods, causing an increase in the blow count.

Not recording blow
counts and penetration
accurately

Incorrect N values are obtained.

Incorrect drilling

The standard penetration test was originally developed from wash boring techniques. Drilling
procedures which seriously disturb the soil will affect the N value, for example, drilling with
cable tool equipment.
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TABLE 2.5 Factors that can Affect the Standard Penetration Test Results (Continued)

Factors that can affect
the standard penetration

test results

Comments

Using large drill holes A borehole correction is required for large-diameter boreholes. This is because larger diameters

often result in a decrease in the blow count.

Inadequate supervision Frequently a sampler will be impeded by gravel or cobbles, causing a sudden increase in blow

count. This is often not recognized by an inexperienced observer. Accurate recording of drilling
sampling and depth is always required.

Improper logging of soils ~ The sample is not described correctly.

Using too large a pump Too high a pump capacity will loosen the soil at the base of the hole, causing a decrease in blow count.

Source:  NAVFAC DM-7.1 (1982).

The theoretical energy that should be delivered to the top of the anvil is 350 ft-1b of energy (i.e.,
140 1b times 30 in. drop). However, the SPT theory has evolved around the concept that about 60
percent of the hammer energy should be delivered to the drill rods, with the rest being dissipated
through friction and hammer rebound. Using the cathead release system and a safety hammer will
deliver about 60 percent (i.e., E, = 60) of the hammer energy to the drill rods. Note in Eq. 2.4 that
if E_ = 60, no correction is required to the N value for hammer efficiency.

Studies have shown that the cathead release system and a donut hammer can impart only 45 per-
cent of the theoretical energy to the drill rods (i.e., £, = 45). At the other extreme are automatic sys-
tems that lift the hammer and allow it to drop unimpeded and deliver higher energy to the drill rods
with values of E, as high as 95 percent being reported (ASTM D 6066-96, 2004). For other types of
release systems and hammers, values of £, should be based on manufacturer specifications or pre-
viously published measurements.

Even with this hammer energy uncertainty, the SPT is still probably the most widely used field
test in the United States. This is because it is relatively easy to use, the test is economical as com-
pared to other types of field-testing, and the SPT equipment can be quickly adapted and included as
part of almost any type of drilling rig.

Correction of N Value for Field Testing and Overburden Pressure. For geotechnical earthquake
engineering, such as liquefaction analyses, the standard penetration test N, value (Eq. 2.4) is cor-
rected for the overburden soil pressure, also known as the effective overburden pressure or the ver-
tical effective stress (07,). The vertical effective stress will be discussed in Sec. 4.4. When a
correction is applied to the N, value to account for the vertical effective stress, these values are
referred to as (N,),, values. The procedure consists of multiplying the N value by a correction C,,
in order to calculate the (N,), value. Figure 2.20 presents a chart that is commonly used to obtain
the correction factor C,. Another option is to use the following equation:

05
100
(N))go =CyNgy = [O__,J Ngo (2.5

vo

where (N,),, = standard penetration test N value corrected for both field testing procedures and
overburden pressure
C,, = correction factor to account for the overburden pressure. As indicated in Eq. 2.5, C,; is
approximately equal to (100/0”, )* where ¢ is the vertical effective stress, in kPa.
Suggested maximum values of C, range from 1.7 to 2.0 (Youd and Idriss, 1997, 2001).
, = standard penetration test N value corrected for field testing procedures. The N is
calculated by using Eq. 2.4.

N
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FIGURE 2.20 Correction factor C, used to adjust the standard penetration test N value and cone
penetration test g, value for the effective overburden pressure. The symbol D, refers to the relative
density of the sand. (Reproduced from Seed et al., 1983; with permission from the American Society
of Civil Engineers.)

The (N,), value (blows per foot) can also be used as a guide in determining the density con-
dition of a clean sand deposit (see Table 2.6). Note that this correlation is very approximate and
the boundaries between different density conditions are not as distinct as implied by Table 2.6. If
(N)g, = 2 or less, then the sand should be considered to be very loose and could be subjected to
significant settlement due to the weight of a structure or due to earthquake shaking. On the other
hand, if (NV,),, = 35 or more, then the sand is considered to be in a very dense condition and would
be able to support high foundation loads and would be resistant to settlement from earthquake
shaking.

For further details on determining the (V,),, value for use in liquefaction studies, see ASTM D
6066-96 (2004), “Standard Practice for Determining the Normalized Penetration Resistance of
Sands for Evaluation of Liquefaction Potential.”
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TABLE 2.6. Correlation between (N, )y, and Density of Sand

(N,)g, (blows per foot) Sand density Relative density D, percent
0-2 Very loose condition 0-15
2-5 Loose condition 15-35
5-20 Medium condition 35-65
20-35 Dense condition 65-85
Over 35 Very dense condition 85-100

Source: Tokimatsu and Seed (1987).

2.4.4 Other Field Tests

Besides the SPT, many other types of field tests can be performed during the subsurface exploration.
Other common types of field tests are as follows:

Mechanical Cone Penetration Test. The idea for the mechanical cone penetration test is similar to
the SPT except that instead of driving a thick-walled sampler into the soil, a steel cone is pushed into
the soil. The most common type of mechanical penetrometer is the Dutch mantle cone, which is
shown in Fig. 2.21. This test is often referred to as the Dutch cone test or the cone penetration test
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FIGURE 2.21 Example of mechanical cone penetrometer tip (Dutch mantle cone). (Reprinted with per-
mission from the American Society for Testing and Materials, 2004.)

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



2.38

SUBSURFACE EXPLORATION

GEOTECHNICAL ENGINEERING

and is abbreviated CPT. The cone is first pushed into the soil to the desired depth (initial position)
and then force is applied to the inner rod, which moves the cone downward into the extended posi-
tion. The cone is pushed into the soil at a rate of about 2 to 4 ft/min (10 to 20 mm/sec). The required
force to move the cone into the extended position (Fig. 2.21) divided by the horizontally projected
area (10 cm?) of the cone is defined as the cone resistance g, also known as the cone bearing or the
end bearing resistance. By continually repeating the two-step process shown in Fig. 2.21, the cone
resistance g, is obtained at increments that ordinarily do not exceed 8 in. (20 cm). Special features
of the cone penetration test are as follows:

1. Cone resistance versus depth. A considerable amount of work has been performed in correlat-
ing cone resistance g, with subsurface conditions. Figure 2.22 presents four examples, where the
cone resistance ¢, has been plotted versus depth below ground surface. The shape of the cone
resistance g, plots versus depth can be used to identify sands, clays, cavities, or rock.

2. Friction ratio. Figure 2.23 illustrates the two-step process that can be used to obtain the soil
friction along a side sleeve f.. In the first step, the cone resistance is obtained (¢,) and then in the
second step, the cone plus sleeve friction is determined (g.+f,). Subtraction gives the sleeve fric-
tion. The friction ratio (FR) can then be calculated, defined as FR = sleeve friction divided by
cone resistance = 100 f/q, . By knowing the friction ratio (FR) and cone resistance g, the type of
soil can be estimated by using Fig. 2.24.

3. Liquefaction studies. Much like the SPT, the cone penetration test can be corrected for the ver-
tical effective stress. One option is to multiply the cone resistance g, by the C,, value shown in
Fig. 2.20 in order to obtain the cone resistance g, corrected for vertical effective stress (i.e.,
4., = Cy q,)- The corrected cone resistance ¢, is often used in liquefaction studies (Day, 2002).

A major advantage of the cone penetration test is that a nearly continuous subsurface record of
the cone resistance g, can be obtained. This is in contrast to the SPT, which obtains data at much
larger intervals in the soil deposit. Disadvantages of the cone penetration test are that soil samples
cannot be recovered and special equipment is required to produce a steady and slow penetration of
the cone. Unlike the SPT, the ability to obtain a steady and slow penetration of the cone is not includ-
ed as part of conventional drilling rigs. Because of these factors, in the United States, the CPT is used
less frequently than the SPT.

For further details on the mechanical cone penetration test, see ASTM D 3441-98 (2004), “Standard
Test Method for Mechanical Cone Penetration Tests of Soil.”

Other Cone Penetrometers. Besides the mechanical cone, there are other types of cone penetrom-
eters, such as:

Electric cone. A cone penetrometer that uses electric-force transducers built into the apparatus
for measuring cone resistance and friction resistance.

Piezocone. A cone penetrometer with the additional capability of measuring pore water pres-
sure generated during the penetration of the cone.

Special devices. The cone can even be equipped with a video camera to enable the type of soil
to be viewed during the test (Raschke and Hryciw, 1997).

For more information on these cone penetrometers, see ASTM D 5778-00 (2004), “Standard Test
Method for Performing Electronic Friction Cone and Piezocone Penetration Testing of Soils.”

Vane Shear Test (VST). The SPT and CPT are used to correlate the resistance of driving a sam-
pler (N value) or pushing a cone g, with the engineering properties (such as density condition) of the
soil. In contrast, the vane test is a different in situ field test because it directly measures a specific
soil property, the undrained shear strength s, of clay. The undrained shear strength of clay will be
discussed in Sec. 3.5.

The vane test consists of inserting a four-bladed vane, such as shown in Fig. 2.25, into the bore-
hole and then pushing the vane into the clay deposit located at the bottom of the borehole. Different
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FIGURE 2.22  Simplified examples of CPT cone resistance g, versus depth, showing possible interpretations of soil types and
conditions. (From Schmertmann, 1977.)
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FIGURE 2.23 Test sequence for obtaining the sleeve friction from the Dutch cone penetrometer and an example of the
test data plotted versus depth. (From NAVFAC DM -7.1, 1982.)
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FIGURE 2.24 Guide for estimating soil type from Dutch mantle cone [enter chart with
cone resistance ¢, and friction ratio (FR = sleeve friction divided by cone resistance = 100
f1q,). (From Schmertmann, 1977.)

types of vanes are available, such as a rectangular vane, tapered vane at both ends, which is shown
in Fig. 2.25, and a vane that only has a taper at the bottom. Once inserted into the clay, the maxi-
mum torque T, required to rotate the vane and shear the clay is measured. The undrained shear
strength s, of the clay can then be calculated by using the following equation, which assumes uni-
form end shear for a rectangular vane. (Note: The following equation is valid only for a rectangular
vane with shear failure along the entire perimeter and at both ends of the vane).

T,

max

S = 2 3
7(0.5D*H+0.167D°)

(2.6)

where s, = undrained shear strength of the clay (psf or kPa)
T .. = maximum torque required to rotate the rod which shears the clay, corrected for apparatus
and rod friction (Ibf-ft or KN-m)
H = height of the vane (ft or m)
D = diameter of the vane (ft or m)
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FIGURE 2.25 Diagram illustrating the field vane test. (From NAVFAC DM-7.1, 1982.)

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



SUBSURFACE EXPLORATION

SUBSURFACE EXPLORATION 2.43

In addition to obtaining the undrained shear strength s , the undrained shear strength for remold-
ed clay s _can also be measured. The process consists of first remolding the clay by rotating the vane
about 5 to 10 times. Then the torque is measured and Eq. 2.6 is used to obtain the undrained shear
strength for remolded clay s, . The sensitivity S, of the clay can be calculated as the undrained shear
strength divided by the undrained shear strength of remolded clay, or S, = s /s, . Sensitivity will be
further discussed in Sec. 4.6.

The undrained shear strength s, is often needed for many different types of engineering analyses,
such as foundation bearing capacity and slope stability. However, it has been stated that for the vane
shear test, the values of the undrained shear strength from field vane tests are likely to be higher than
can be mobilized in practice (Bjerrum 1972, 1973). This has been attributed to a combination of
anisotropy of the soil and the fast rate of shearing involved with the vane shear test. Because of these
factors, Bjerrum (1972) has proposed for field vane shear tests performed on saturated normally con-
solidated clays, that the undrained shear strength s, be reduced based on the plasticity index of the
clay (see Sec. 3.2.6 for the definition of plasticity index). Figure 2.26 shows Bjerrum’s (1972) rec-
ommendation, where the in situ undrained shear strength s, is equal to the shear strength determined
from the field vane test times the correction factor determined from Fig. 2.26.

Note that the sensitivity S, is based on the ratio of raw measured peak and remolded undrained
shear strengths and is not corrected. For the equations needed to calculate the undrained shear
strength s, for the tapered vane, as well as further details on vane shear test, see ASTM D 2573-01
(2004), “Standard Test Method for Field Vane Shear Test in Cohesive Soil.”

Miniature Vane Test. There are miniature vane devices, which can be used in the field or laboratory.
The miniature vane device is not inserted down a borehole, but rather the test is performed on clay
specimens brought to the surface from undisturbed samplers. An example of a miniature vane is the
Torvane device, which is a hand-held vane that is manually inserted into the clay surface and then

1.4
\v O @* |Bjerrum (1972)
- A A* | Milligan {1972)
a Ladd and Foott (1974)
1.2 Sz Y/ Flaate and Preber {1974)
o |9 A e} LaRochelle, et al. {1974)
- v [ X Holtz and Holm {1979}
o A *Layered and varved clays
§ 1.0 )
3 |
2 L \v |
2 ! Bjerrum’s (1972) recommended curve
8 0.8 o | &/
S Ol \ A
.A
0.6 Q O
\
0.4 | | ! | | [
0 20 40 60 80 100 120

Plasticity index, P1

FIGURE 2.26 Correction factor for the field vane test as a function of PI, based on
embankment failures. Note: in situ s, = 5, from the field vane test times the correction fac-
tor. (After Ladd, 1973; Ladd et. al., 1977; reproduced from Holtz and Kovacs 1981.)
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rotated to induce a shear failure of the clay. On top of the Torvane there is a calibrated scale that directly
indicates the undrained shear strength s, of the clay. The Torvane device has a quick failure rate, which
could overestimate the undrained shear strength s,. Because the miniature vane only tests a very small
portion of the clay, the strength could be overestimated for fissured clay, varved clay, or clay contain-
ing slickensides. Also the miniature vane provides unreliable readings for clays having an undrained
shear strength s, in excess of 1.0 tsf (100 kPa) because the actual failure surface deviates from the
assumed cylindrical failure surface, resulting in an overestimation of the undrained shear strength
(ASTM D 4648-00, 2004). Because of these factors, the results of the miniature vane test should be
used with caution and the results should not be solely relied upon for foundation design.

For further information on the miniature vane test, see ASTM D 4648-00 (2004), “Standard Test
Method for Laboratory Miniature Vane Shear Test for Saturated Fine-Grained Clayey Soil.”

Pressuremeter Test (PMT). The pressuremeter test (PMT) is an in situ stress-strain test performed
on the wall of a borehole using a cylindrical probe that is expanded radially. The PMT is usually per-
formed by inserting the equipment into a predrilled borehole. In order to obtain accurate results, it
is essential that disturbance to the borehole wall is minimized. To offset this limitation, a self-boring
pressuremeter has been developed, where a mechanical or jetting tool located inside the hollow core
of the probe drills the hole.

Once the pressuremeter is in place, the probe is expanded while measuring the changes in vol-
ume and pressure within the probe. The test is terminated when the yielding of the soil becomes dis-
proportionately large. The test provides a stress-strain curve for horizontal loading of the soil and
this data could be of use in the design of piles subjected to lateral loads. For further details, see
ASTM D 4719-00 (2004), “Standard Test Method for Prebored Pressuremeter Testing in Soils.”

Other Field Tests Performed in Boreholes. There are many other types of field tests that can be
performed in boreholes. Examples include the Screw Plate Compressometer (SPC) and the Iowa
Borehole Shear Test (BST) (Holtz and Kovacs 1981; Mitchell 1978). These types of tests are used
much less frequently than the SPT, CPT, and VST.

The SPC is a field test where a plate is screwed down to the desired depth, and then as pressure
is applied, the settlement of the plate is measured. The (BST) is a field test where the device is low-
ered into an uncased borehole and then expanded against the sidewalls. The force required to pull
the device towards ground surface is measured and much like a direct shear device, the shear strength
properties of the in situ soil can then be determined.

2.4.5 Boring Layout

The required number and spacing of borings for a particular project must be based on judgment and
experience. Obviously the more borings that are performed, the more knowledge obtained about the
subsurface conditions. This can result in an economical foundation design and less risk of meeting
unforeseen or difficult conditions during construction.

In general, boring layouts should not be random. Instead, if an approximate idea of the location of
the proposed structure is known, then the borings should be concentrated in that area. For example,
borings could be drilled at the four corners of a proposed building, with an additional (and deepest)
boring located at the center of the proposed building. If the building location is unknown, then the bor-
ings should be located in lines, such as across the valley floor, in order to develop soil and geologic
cross sections. Table 2.7 provides guidelines on the typical boring layout versus type of project.

If geologic features outside the building footprint could affect the structure, then they should also
be investigated with borings. For example, if there is an adjacent landslide or fault zone that could
impact the site, then they will also need to be investigated with subsurface exploration.

Some of the factors that influence the decisions on the number and spacing of borings include the
following:

Relative Costs of the Investigation. The cost of additional borings must be weighed against the
value of additional subsurface information.
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TABLE 2.7 Guidelines for Boring Layout

Areas of investigation

Boring layout

New site of wide

Space preliminary borings 60 to 150 m (200 to 500 ft) apart so that area between any

extent four borings includes approximately 10 percent of total area. In detailed exploration,
add borings to establish geological sections at the most useful orientations.
Development Space borings 30 to 60 m (100 to 200 ft) at possible building locations. Add

of site on soft
compressible soil

intermediate borings when building site is determined.

Large structure
with separate closely
spaced footings

Space borings approximately 15 m (50 ft) in both directions, including borings at
possible exterior foundation walls, at machinery or elevator pits, and to establish
geologic sections at the most useful orientations.

Low-load warehouse
building of large area

Minimum of four borings at corners plus intermediate borings at interior foundations
sufficient to define subsoil profile.

Isolated rigid For foundation 230 to 930 m? (2500 to 10,000 ft?) in area, minimum of three borings
foundation around perimeter. Add interior borings, depending on initial results.

Isolated rigid For foundation less than 230 m? (2500 ft?) in area, minimum of two borings at
foundation opposite corners. Add more for erratic conditions.

Major waterfront
structures, such
as dry docks

If definite site is established, space borings generally not farther than 15 m (50 ft),
adding intermediate borings at critical locations, such as deep pump well, gate seat,
tunnel, or culverts.

Long bulkhead or
wharf wall

Preliminary borings on line of wall at 60-m (200-ft) spacing. Add intermediate
borings to decrease spacing to 15 m (50 ft). Place certain intermediate borings
inboard and outboard of wall line to determine materials in scour zone at toe and in
active wedge behind wall.

Cut stability, deep
cuts, and high
embankments

Provide three to five borings on line in the critical direction to provide geological
section for analysis. Number of geologic sections depends on extent of stability
problem. For an active slide, place at least one boring upslope of sliding area.

Dams and water-
retention structures

Space preliminary borings approximately 60 m (200 ft) over foundation
area. Decrease spacing on centerline to 30 m (100 ft) by intermediate borings.
Include borings at location of cutoff, critical spots in abutment, spillway, and
outlet works.

Source:

Type of Project.

From NAVFAC DM-7.1, 1982.

A more detailed and extensive subsurface investigation is required for an essen-

tial facility as compared to a single-family dwelling.

Topography (Flatland versus Hillside). A hillside project usually requires more subsurface investiga-
tion than a flatland project because of the slope stability requirements.

Nature of Soil Deposits (Uniform versus Erratic).

Fewer boring may be needed when the soil

deposits are uniform as compared to erratic deposits.

Geologic Hazards.

The more known or potential geologic hazards at the site, the greater the need

for subsurface exploration.

Access.

In many cases, the site may be inaccessible and access roads will have to be constructed. In

some cases, access may cause considerable disruption to the environment, such as shown in Fig. 2.27.
In other cases, such as shown in Fig. 2.28, the access road was relatively easy to construct because the
site is an open pit mine. Creating access roads throughout the site can be expensive and disruptive and
may influence decisions on the number and spacing of borings.
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FIGURE 2.28 Access road constructed for subsurface investigation at an open-pit mine (arrow points to
bucket auger drill rig).
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Governmental or Local Building Department Requirements. For some projects, there may be
specifications on the required number and spacing of borings. For example, Standard Specifications
for Highway Bridges (AASHTO, 1996) states:

A minimum of one soil boring shall be made for each substructure unit [note: a substructure unit is
defined as every pier, abutment, retaining wall, foundation, or similar item]. For substructure units over
100 ft (30 m) in width, a minimum of two borings shall be required.

Oftentimes a preliminary subsurface plan is developed to perform a limited number of exploratory
borings. The purpose is just to obtain a rough idea of the soil, rock, and groundwater conditions at
the site. Then once the preliminary subsurface data is analyzed, additional borings as part of a
detailed exploration are performed. The detailed subsurface exploration can be used to better define
the soil profile, explore geologic hazards, and obtain further data on the critical subsurface condi-
tions that will likely have the most impact on the design and construction of the project.

2.4.6 Depth of Subsurface Exploration

Similar to the boring layout, the depth of subsurface exploration for a particular project must be
based on judgment and experience. Borings should always be extended through unsuitable founda-
tion bearing material, such as uncompacted fill, peat, soft clays and organic soil, and loose sands,
and into dense soil or hard rock of adequate bearing capacity. In a general sense, the depth of sub-
surface exploration will depend on the size and loading of the proposed foundation, the sensitivity
of the proposed structure to settlements, and the stiffness and coefficient of compressibility of the
strata that will underlie the foundation.
In terms of additional general rules, Hvorslev (1949) states:

The borings should be extended to strata of adequate bearing capacity and should penetrate all
deposits which are unsuitable for foundation purposes, such as unconsolidated fill, peat, organic silt, and
very soft and compressible clay. The soft strata should be penetrated even when they are covered with a
surface layer of higher bearing capacity.

When structures are to be founded on clay and other materials with adequate strength to support the
structure but subject to considerable consolidation by an increase in the load, the borings should penetrate
the compressible strata or be extended to such a depth that the stress increase for still deeper strata is
reduced to values so small that the corresponding consolidation of these strata will not materially influ-
ence the settlement of the proposed structure.

Except in cases of very heavy loads or when seepage or other considerations are governing, the bor-
ings may be stopped when rock is encountered or after a short penetration into strata of exceptional
bearing capacity and stiffness, provided it is known from explorations in the vicinity or the general
stratigraphy of the area that these strata have adequate thickness or are underlain by still stronger for-
mations. When these conditions are not fulfilled, some of the borings must be extended until it has been
established that the stiff strata have adequate thickness irrespective of the character of the underlying
material.

When the structure is to be founded on rock, it must be verified that bedrock and not boulders have
been encountered, and it is advisable to extend one or more borings from 10 to 20 ft (3 to 6 m) into sound
rock in order to determine the extent and character of the weathered zone of the rock.

For localized structures, such as commercial or industrial buildings, it is common practice to
carry explorations to a depth beneath the loaded area of 1.5 to 2.0 times the least dimension of the
building (Lowe and Zaccheo, 1975). Table 2.8 presents additional guidelines for different types of
geotechnical and foundation projects.

Another commonly used rule of thumb is that for isolated square footings, the depth of subsurface
exploration should be two times the width of the footing. For isolated strip footings, the depth of sub-
surface exploration should be four times the width of the footing. These recommendations are based
on the knowledge that the pressure of surface loads dissipates with depth. Thus, at a certain depth, the
effect of the surface load is very low. For example, a common guideline is to perform subsurface
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TABLE 2.8 Guidelines for Boring Depths

Areas of
investigation

Boring depth

Large structure
with separate
closely space
footings

Extend to depth where increase in vertical stress for combined foundations is less than
10 percent of effective overburden stress. Generally all boring should extend to no less
than 9 m (30 ft) below lowest part of foundation unless rock is encountered at
shallower depth.

Isolated rigid

Extend to depth where vertical stress decreases to 10 percent of bearing pressure.

foundations Generally all borings should extend no less than 9 m (30 ft) below lowest part of
foundation unless rock is encountered at shallower depth.
Long bulkhead Extend to depth below dredge line between 0.75 and 1.5 times unbalanced height of wall.

or wharf wall Where stratification indicates possible deep stability problem, selected borings should

reach top of hard stratum.

Slope stability Extend to an elevation below active or potential failure surface and into hard stratum, or

to a depth for which failure is unlikely because of geometry of cross section.

Deep cuts Extend to depth between 0.75 and 1 times base width of narrow cuts. Where cut is above
groundwater in stable materials, depth of 1.2 to 2.4 m (4 to 8 ft) below base may suffice.
Where base is below groundwater, determine extent of previous strata below base.
High Extend to depth between 0.5 to 1.25 times horizontal length of side slope in relatively
embankments homogeneous foundation. Where soft strata are encountered, borings should reach

hard materials.

Dams and water
retention
structures

Extend to depth of 0.5 base width of earth dams or 1 to 1.5 times height of small
concrete dams in relatively homogeneous foundations. Borings may terminate after
penetration of 3 to 6 m (10 to 20 ft) in hard and impervious stratum if continuity of
this stratum is known from reconnaissance.

Source: From NAVFAC DM-7.1, 1982.

exploration to a depth where the increase in vertical pressure from the foundation is less than 10 per-
cent of the applied pressure from the foundation. There could be problems with this approach because
as will be discussed in Chap. 7, there could be settlement of the structure that is independent of its
weight or depth of influence. Settlement due to secondary influences, such as collapsible soil, is often
unrelated to the weight of the structure. Especially when geologic conditions are not well established,
it is always desirable to extend at least one boring into bedrock to guard against the possibility of a
deeply buried soil strata having poor support characteristics.

For some projects, there may be specifications on the required depth of borings. For example, the
Standard Specifications for Highway Bridges (AASHTO, 1996) states:

When substructure units will be supported on deep foundations, the depth of subsurface exploration
shall extend a minimum of 20 ft (6 m) below the anticipated pile or shaft tip elevation. Where pile or shaft
groups will be used, the subsurface exploration shall extend at least two times the maximum pile group
dimension below the anticipated tip elevation, unless the foundation will be end bearing on or in rock. For
piles bearing on rock, a minimum of 10 ft (3 m) of rock core shall be obtained at each exploration loca-
tion to insure the exploration has not been terminated on a boulder.

At the completion of each boring, it should immediately be backfilled with on-site soil and com-
pacted by using the drill rig equipment. In certain cases, the holes may need to be filled with a
cement slurry or grout. For example, if the borehole is to be converted to an inclinometer (slope mon-
itoring device), then it should be filled with weak cement slurry. Likewise, if the hole is to be con-
verted to a piezometer (pore water pressure monitoring device), then special backfill materials, such
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as a bentonite seal, will be required. It may also be necessary to seal the hole with grout or bentonite
if there is the possibility of water movement from one stratum to another. For example, holes may
need to be filled with cement or grout if they are excavated at the proposed locations of dams, lev-
ees, Or Ieservoirs.

2.5 TEST PITS AND TRENCHES

In addition to borings, other methods for performing subsurface exploration include test pits, and
trenches. Test pits are often square in plan view with a typical dimension of 4 ft by 4 ft (1.2 m by
1.2 m). Trenches are long and narrow excavations usually made by a backhoe or bulldozer. Table 2.9
presents the uses, capabilities, and limitations of test pits and trenches.

Similar to the down-hole logging of large diameter bucket auger borings, test pits and trenches
provide for a visual observation of subsurface conditions. They can also be used to obtain undis-
turbed block samples of soil. The process consists of carving a block of soil from the side or bottom
of the test pit or trench. Soil samples can also be obtained from the test pits or trenches by manually
driving Shelby tubes, drive cylinders (ASTM D 2937-00, 2004), or other types of sampling tubes
into the ground.

Backhoe pits and trenches are an economical means of performing subsurface exploration. The
backhoe can quickly excavate the trench that can then be used to observe and test the in situ soil (see
Fig. 2.29). In many subsurface explorations, backhoe trenches are used to evaluate near surface and

TABLE 2.9 Use, Capabilities, and Limitations of Test Pits and Trenches

Exploration method

General use

Capabilities

Limitations

Hand-excavated
test pits

Bulk sampling,
in situ testing,
visual inspection.

Provides data in
inaccessible
areas, less mechanical
disturbance of
surrounding ground.

Expensive, time-consuming,
limited to depths above
groundwater level.

Backhoe-excavated
test pits and

Bulk sampling, in situ
testing, visual inspection,

Fast, economical,
generally less than

Equipment access, generally
limited to depths above

trenches excavation rates, depth 4.6 m (15 ft) deep, groundwater level, limited
of bedrock and can be up to 9 m undisturbed sampling.
groundwater. (30 ft) deep.
Dozer cuts Bedrock characteristics, Relatively low cost, Exploration limited to

depth of bedrock and
groundwater level,
rippability, increase
depth capability of
backhoe, level area
for other exploration
equipment.

exposures for
geologic mapping.

depth above the groundwater
table.

Trenches for fault
investigations

Evaluation of presence
and activity of faulting
and sometimes landslide
features.

Definitive location of
faulting, subsurface
observation up to 9 m
(30 ft) deep.

Costly, time-consuming,
requires shoring, only useful
where dateable materials are
present, depth limited to
zone above the groundwater
level.

Source:

From NAVFAC DM-7.1, 1982.
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FIGURE 2.29 Backhoe in the process of excavating a test pit excavation.

geologic conditions (i.e., up to a 15 ft deep), with borings being used to investigate deeper subsur-
face conditions. They are also very useful for the investigation of sites where there is a thin veneer
of soil overlying hard bedrock.

Backhoe trenches are also especially useful when performing fault studies. For example, Figs. 2.30
and 2.31 show two views of the excavation of a trench that is being used to investigate the possibility
of an on-site active fault. Figure 2.31 is a close-up view of the conditions in the trench and shows the

FIGURE 2.30 Backhoe trench for a fault study.
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FIGURE 2.31 Close-up view of trench excavation.

fractured and disrupted nature of the rock. Note in Fig. 2.31 that metal shoring has been installed to pre-
vent the trench from caving-in. Usually the engineering geologist performs the fault investigations in
order to determine if there are active faults that cross the site. In addition, the width of the shear zone
of the fault can often be determined from the trench excavation studies. If there is uncertainty as to
whether or not a fault is active, then dateable material must be present in the trench excavation in order
to determine the date of the most recent fault movement. Examples of dateable materials are as fol-
lows (Krinitzsky et al., 1993):

* Displacements of organic matter or other dateable horizons across faults
* Sudden burials of marsh soils

* Killed trees

* Disruption of archaeological sites

* Liquefaction intrusions cutting older liquefaction

2.6 PREPARATION OF LOGS

A log is defined as a written record prepared during the subsurface excavation of borings, test pits,
or trenches that documents the observed conditions. Although logs are often prepared by techni-
cians or even the driller, the most appropriate individuals to log the subsurface conditions are
geotechnical engineers or engineering geologists who have considerable experience and judgment
acquired by many years of field practice. It is especially important that the subsurface conditions
likely to have the most impact on the proposed project be adequately described. Table 2.10 lists
other items that should be included on the excavation log. Another source of information is ASTM
D 5434-03 (2004), “Standard Guide for Field Logging of Subsurface Explorations of Soil and
Rock,” which describes the type of data that should be recorded during field subsurface explo-
rations in soil and rock.

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



GEOTECHNICAL ENGINEERING

SUBSURFACE EXPLORATION

TABLE 2.10 Types of Information to be Recorded on Exploratory Logs

Item

Description

Excavation number

Each boring, test pit, or trench excavated at the site should be assigned an
excavation number

Project information

Project information should include the project name, file number, client, and site
address. The individual preparing the log should also be noted

Type of equipment

Include on the log the type of excavation, such as hand dug pit, backhoe trench,
and the like, and the total depth and size of the excavation. For borings, indicate
type of drilling equipment, use of drilling fluid, and kelly bar weights. Also indicate
if casing was used

Site specific
information

The exploratory log should list the surface elevation, date(s) of excavation,
and ground surface conditions

Type of field tests

For borings, list all field tests, such as SPT, CPT, or vane test. Also indicate if the
boring was converted to a monitoring device, such as a piezometer

Type of sampler

Indicate type of sampler and depth of each soil or rock sample recovered from the
excavation. For driven samplers, indicate type and weight of hammer and number
of blows per foot to drive the sampler. Indicate sample recovery and RQD for
rock strata

Soil and rock
descriptions

Classify the soil and rock exposed in the excavation (see Sec. 4.2). Also indicate
moisture and density condition of the soil and rock

Excavation problems

List excavation problems, such as instability, sloughing, groundwater induced
caving, squeezing of the hole, hard drilling, or boring termination due to refusal

Groundwater

Indicate depth to groundwater or seepage zones. At the end of the subsurface
exploration, indicate the depth of freestanding water in the excavation

Geologic features
and hazards

Identify geologic features and hazards. Geologic features include type of deposit
(see Table 2.11), formation name, and fracture condition of rock. Geologic hazards
include landslides, active fault shear zones, liquefaction prone sand, bedding, shear
surfaces, slickensides, and underground voids or caverns

Unusual conditions

Any unusual subsurface condition should be noted. Examples include artesian
groundwater, boulders or other obstructions, or loss of drilling fluid, which could
indicate an underground void or cavity

Note: Additional information may be required for subsurface explorations for mining or agricultural purposes, for the
investigation of hazardous waste, or other special types of subsurface exploration.

Figure 2.32 presents a boring log. The boring log lists the observed soil and rock layers ver-

sus depth. Basically the boring revealed the presence of 11 ft (3.4 m) of soil overlying rock that
has been classified as sandstone. In the upper 11 ft (3.4 m) of the boring, four different soil lay-
ers were observed. The soil classification was based on the Uniform Soil Classification System,
which will be discussed in Sec. 4.2. The most accurate method to classify soils is to use labora-
tory tests (Sec. 3.2), although visual classification can also be performed, e.g., see ASTM D
2488-00 (2004), “Standard Practice for Description and Identification of Soils (Visual-Manual
Procedure).”

The boring log shown in Fig. 2.32 also lists the location of soil and rock specimens obtained as
well as the types of samplers, i.e., split spoon sampler, Shelby tube sampler (undisturbed sample),
and rock core (NX type, 2-1/8 in. diameter). Although not shown in Fig. 2.32, laboratory test results
such as the water content and dry unit weight of the soil or rock are also frequently listed on the
boring log.
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TEST BORING LOG BORING NO.
PROJECT SHT.NO. 1 OF
CLIENT PROJ. NO.
BORING CONTRACTOR ELEVATION
GROUND WATER CAS. SAMP. CORE TUBE DATUM
DATE TIME | DEPTH | CASING | TYPE | HSA S.S. NX  |SHELBY | DATE START
12-1-78 1400 5 5 DA | 4 2" 12-1/87 | 3 |DATEFINISH
WT. 14018, DRILLER
FALL 30" INSPECTOR
SORAEA
abl 30| 58 SAMPLE |§ IDENTIFICATION REMARKS
a8 1331l 2 SPOON |>
ofn | @ PER 5" |9
1
3 s- 2 Soft dark brown organic
! 2 CLAY (OH), wet
2
2
)
3 U-l U Soft  brown Clayey SILT (ML),
S moist
4 H
5 '
9
s 5-2 11 Medium dense, gray coarse
13 to fine SAND, trace silt,
7 18 trace fine gravel (SW)
8
]
10 Well graded brown-gray GRAVELS,
some sand (GW)
1
12
R-1 SANDSTONE, Brown fine grained
i3 slightly weathered, hard, medium R-1
fractured, with brown stains Rec = 80%
14 RQD = 70%
12:50 = Start Run 1
15 BOTTOM OF BORING @ 14'0" 13:10 = Pull Run 1
" SYMBOLS:
7 SPLIT SPOON SAMPLE
18
UNDISTURBED SAMPLE
19 \‘
i § ROCK CORED
\
21
¥ WATER LEVEL
22
23

FIGURE 2.32 Boring log. (From NAVFAC DM-7.1, 1982.)
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An important part of the preparation of logs is to determine the geologic or man-made process
that created the soil deposit. Table 2.11 presents a list of common soil deposits encountered during
subsurface exploration. Usually the engineering geologist is most qualified to determine the type of
soil deposit. As indicated in Table 2.11, the different soil deposits can have unique geotechnical and
foundation implications and it is always of value to determine the geologic or man-made process that
created the soil deposit.

Another example of a boring log is presented in Fig. 2.33. As indicated on this boring log, frozen
soil and rock was observed from a depth of 1.8 ft (0.5 m) to 16 ft (4.9 m). The bold black vertical line
indicates the zone of observed frozen soil and rock. The symbols (e.g. N,, V,, etc.) refer to group symbols
and subgroups used to describe frozen soil per ASTM D 4083-01 (2004), “Standard Practice for
Description of Frozen Soils (Visual-Manual Procedure).” For a description of these group symbols,
see Table 4.4 of this book.

TABLE 2.11 Common Man-Made and Geologic Soil Deposits

Main category

Common types of soil deposits

Possible engineering problems

Structural fill

Dense or hard fill. Often the individual
fill lifts can be identified.

Upper surface of structural fill may have
become loose or weathered.

Uncompacted fill

Random soil deposit that can contain
chunks of different types and sizes of
rock fragments.

Susceptible to compression and collapse.

Debris fill Contains pieces of debris, such as Susceptible to compression and collapse.
concrete, brick, and wood fragments.
Municipal dump Contains debris and waste products such Significant compression and gas from

as household garbage or yard trimmings.

organic decomposition.

Residual soil
deposit

Soil deposits formed by in-place
weathering of rock.

Engineering properties are highly .
variable.

Organic deposit

Examples include peat and muck which
form in bogs, marshes, and swamps.

Very compressible and unsuitable for
foundation support.

Alluvial deposit

Soil transported and deposited by flowing
water, such as streams and rivers.

All types of grain sizes, loose sandy
deposits susceptible to liquefaction.

Aeolian deposit

Soil transported and deposited by wind.
Examples include loess and dune sands.

Can have unstable soil structure that
may be susceptible to collapse.

Glacial deposit

Soil transported and deposited by glaciers

or their melt water. Examples include till.

Erratic till deposits and soft clay
deposited by glacial melt water.

Lacustrine deposit

Soil deposited in lakes or other inland
bodies of water.

Unusual soil deposits can form, such as
varved silts or varved clays.

Marine deposit

Soil deposited in the ocean, often from
rivers that empty into the ocean.

Granular shore deposits but offshore
areas can contain soft clay deposits.

Colluvial deposit

Soil transported and deposited by gravity,
such as talus, hill-wash, or landslide
deposits

Can be geologically unstable deposit.

Pyroclastic deposit

Material ejected from volcanoes.
Examples include ash, lapilli, and
bombs.

Weathering can result in plastic clay.
Ash can be susceptible to erosion.

Note: The first four soil deposits are man-made; all others are due to geologic processes.
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Depth,
Symbol Soil Description Ice Features
ft
0.0 0.0*
OL Organic, sandy SILT, not frozen None
015 | 05
GW Brown, well-graded, sandy GRAVEL, None
medium compact, moist, not frozen
0.6 1.8
GW Brown well-graded, sandy GRAVEL, | No visible segregation, negligible thin ice film on
N; frozen, poorly bonded gravel sizes and within larger voids
1.1 3.7
GW Brown, well-graded, sandy GRAVEL, | No visible segregation
Nba frozen, well bonded
1.6 5.4
ML Black, micaceous, sandy SILT, frozen Stratified horizontalice lenses averaging 4 in. (10
Vs cm) in horizontal extent, hairline to ¥% in. (0.6
cm) in thickness, % to %-in. (1.2 to 1.9-cm)
spacing. Visible excess ice ~20 * % of total
volume. Ice lenses hard, clear, colorless.
24 7.7
ICE Hard, slightly cloudy, colorless, few scattered
inclusions of silty SAND
2.8 9.1
Dark brown PEAT, frozen, well bonded, ~5 % visible ice
high degree of saturation
32 | 105
MH Light brown SILT, frozen Irregularly oriented ice lenses and layers % to %
\'A in. (0.6 to 1.9 cm) thick on random pattern
grid approx. 3 to 4-in. (7.6 to 10-cm) spacing.
Visible ice ~10 £ % of total volume. Ice mod-
erately soft, porous, gray-white.
44 14.3
4.9 16.0
—f—A == Bedrock. Laminated SHALE. Top few | Ye-in. (0.2-cm) thick ice lenses in fissures to 16.0
feet weathered ft (4.9 m). None below.
Bottom of exploration
PRI NS )

* Surface elevation 963.2 ft

FIGURE 2.33 Boring log for frozen soil. (Reprinted with permission from the American Society for Testing and Materials,

2004.)

2.7 GEOPHYSICAL TECHNIQUES

Geophysical techniques can be employed by the engineering geologist to obtain data on the subsur-
face conditions. Use of geophysical techniques involves considerable experience and judgment in the
interpretation of results. Common types of geophysical techniques are summarized in Table 2.12.
Probably the most commonly used geophysical technique is the seismic refraction method. This
method is based on the fact that seismic waves travel at different velocities through different types of
materials. For example, seismic waves will travel much faster in solid rock than in soft clay. The test
method commonly consists of placing a series of geophones in a line on the ground surface. Then a
metal plate is placed on the ground surface and in line with the geophones. By striking the metal plate
with a sledgehammer, a shock wave (or shot) can be produced. This seismic energy is detected by the
geophones and by analyzing the recorded data, the velocity of the seismic wave as it passes through
the ground and the depth to bedrock can often be determined. This is accomplished by developing a
time-distance plot, where the horizontal axis is the distance from the shock wave source to the geo-
phones and the vertical axis is the time it takes for the shock wave to reach the geophone. Figure 2.34
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FIGURE 2.34 Shallow seismic refraction survey. (From Hvorslev, 1949.)
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presents an example of a time-distance plot obtained from a shallow seismic refraction survey and the
equations needed to determine the thickness of the layers. The procedure is as follows:

1. Calculate the seismic wave velocities V, and V,. The velocities are easy to calculate, for example
V, is simply the distance divided by the time.

2. Determine the value of ¢. Obtain ¢ from the equation: sin o=V /V,

3. Obtain the thickness of the upper layer from: H, = [(T,V,)/(2 cos &)], where 7| is obtained from
the time-distance plot (see Fig. 2.34).

4. Repeat the above steps to obtain the thickness of the deeper layers (i.e., H, and H,).

As an alternate to the above analysis, the following equation can be used to determine the thick-
ness of the upper stratum:

172
1 (V,-V
H=—d|2—1
=7 [VZ+V]] 2.7)

where H| = thickness of the upper stratum (ft or m)
d’= distance (ft or m) from the shot to the intersection of the straight line segments, such as
shown in Fig. 2.34
V| = seismic wave velocity of the upper stratum (ft/sec or m/sec)
V, = seismic wave velocity of the lower stratum (ft/sec or m/sec)

It should be mentioned that the seismic refraction method could only be used when the wave
velocity is greater in each successively deeper layer. In addition, the seismic refraction method
works best when there are large contrasts in materials, for example, soil overlying rock or loose dry
sand overlying sand that is saturated by a groundwater table. For inclined strata, only the average
depths can be determined and it is necessary to reverse the position of the seismic wave source and
geophones and shoot up-dip and down-dip in order to determine the actual depths and the dip of
the strata.

Very dense and hard rock will have a high seismic wave velocity, while soft or loose soil will have
a much lower seismic wave velocity. Typical seismic wave velocities are as follows (Sowers and
Sowers, 1970):

Material type Seismic wave velocity
Loose dry sand 500-1500 ft/sec (150-450 m/sec)
Hard clay, partially saturated 2000—4000 ft/sec (600-1200 m/sec)
Water or loose saturated sand 5200 ft/sec (1600 m/sec)
Saturated soil and weathered rock 4000 to 10,000 ft/sec (1200-3000 m/sec)
Sound rock 7000-20,000 ft/sec (2000-6000 m/sec)

The more dense and hard the rock, the higher its seismic wave velocity. This principle can be used
to determine whether the underlying rock can be excavated by commonly available equipment, or is
so dense and hard that it must be blasted apart. For example, the Caterpillar Performance Handbook
(1997) presents charts that relate the seismic wave velocities of various types of rocks to the type of
equipment (Caterpillar D8R, D9R, D10R, and D11R tractor/ripper) and their ability to rip or not rip
apart rock. An example of these charts is presented in Fig. 2.35. This information can be very impor-
tant to the client because of the much higher costs and risks associated with blasting rock as com-
pared to using a conventional piece of machinery to rip apart and excavate the rock. As shown in Fig.
2.35, a Caterpillar D11R tractor/ripper can not rip rock that has a seismic wave velocity around
10,000 to 12,000 ft/sec (3000 to 3700 m/sec), with the lower value applicable to massive rock such
as granite and the higher value applicable to foliated and jointed rock such as shale.
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FIGURE 2.35 Rippability of rock versus seismic velocity for a Caterpillar D11R tractor/ripper. (From

Caterpillar Performance Handbook, 1997.)
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FIGURE 2.36  Example problem.
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Example Problem 2.1 Using the data shown in Fig. 2.36, determine the thickness
of the upper stratum (i.e., H,). Can a Caterpillar D11R rip the upper and lower stratum?

Solution
= 00T 5000 fissec(600 misec)
0.05 sec
= M =10,000 ft/sec (3000 m/sec)
0.07—-0.05 sec

Since the upper stratum has a low seismic wave velocity of 2000 ft/sec (600 m/sec), it
will be easy for a Caterpillar D11R to remove this material. For the lower stratum, the
seismic wave velocity is 10,000 ft/sec (3000 m/sec) and it could be ripped if it is shale,
but granite would probably be nonrippable (see Fig. 2.35).

Vv, _ 2000

singg=—= =02, ora=11.5°
v, 10,000

From Fig. 2.36, T, = 0.04 sec

_ TV; _ (0.04)(2000)
' 2cosa 2cos11.5°

=41ft(12m)

Checking using Eq. 2.7, where &’ = 100 ft (30.5 m)

1 V V 172
H=—d 27"
27\ v+

1 00(10,000—2000

172
=41ft(12 m)
2 (10,000 + 2000

2.8 GEOTECHNICAL EARTHQUAKE ENGINEERING

The purpose of this section is to discuss the special subsurface exploration requirements that may be
needed for geotechnical earthquake engineering analyses. In terms of the investigation for assessing
seismic hazards, the Guidelines for Evaluating and Mitigating Seismic Hazards in California
(Division of Mines and Geology, 1997) states:

The working premise for the planning and execution of a site investigation within seismic hazard
zones is that the suitability of the site should be demonstrated. This premise will persist until either: (a) the
site investigation satisfactorily demonstrates the absence of liquefaction or landslide hazard, or (b) the site
investigation satisfactorily defines the liquefaction or landslide hazard and provides a suitable recom-
mendation for its mitigation.

Thus the purpose of the subsurface exploration should be to demonstrate the absence of seismic
hazards or to adequately define the seismic hazards so that suitable recommendations for mitigation
can be developed.
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The scope of the subsurface investigation depends on many different factors such as the type of
facility to be constructed, the nature and complexity of the geologic hazards that could impact the
site during the earthquake, economic considerations, level of risk, and specific requirements such as
local building codes or other regulatory specifications. The most rigorous geotechnical earthquake
investigations would be required for essential facilities.

The scope of the investigation for geotechnical earthquake engineering is usually divided into two
parts: (1) the screening investigation, and (2) the quantitative evaluation of the seismic hazards
(Division of Mines and Geology, 1997). These two items are individually discussed later.

2.8.1 Screening Investigation

The first step in geotechnical earthquake engineering is to perform a screening investigation. The
purpose of the screening investigation is to assess the severity of the seismic hazards at the site, or
in other words, to screen out those sites that do not have seismic hazards. If it can be clearly demon-
strated that a site is free of seismic hazards, then the quantitative evaluation could be omitted. On the
other hand, if a site is likely to have seismic hazards, then the screening investigation can be used to
define those hazards before proceeding with the quantitative evaluation.

An important consideration for the screening investigation is the effect that the new construction
will have on potential seismic hazards. For example, as a result of grading or construction at the site,
the groundwater table may be raised or adverse bedding planes may be exposed that result in a land-
slide hazard. Thus when performing a screening investigation, both the existing condition and the
final constructed condition must be evaluated for seismic hazards. Another important consideration
is off-site seismic hazards. The first step in the screening investigation is to review available docu-
ments, such as those listed in Sec. 2.2, as well as the following:

Seismic History of the Area. There may be many different types of documents and maps that pro-
vide data on the seismic history of the area. For example, there may be seismic history information
on the nature of past earthquake-induced ground shaking. This information could include the period
of vibration, ground acceleration, magnitude, and intensity (isoseismal maps) of past earthquakes.
This data can often be obtained from seismology maps and reports that illustrate the differences in
ground shaking intensity based on geologic type; 50, 100 and 250 year acceleration data; and type
of facilities and landmarks.

Geographical maps and reports are important because they can identify such items as the pattern,
type, and movement of nearby potentially active faults or fault systems, and the distance of the faults
to the area under investigation. Historical earthquake records should also be reviewed in order to
determine the spatial and temporal distribution of historic earthquake epicenters.

Special Study Maps. For some areas, special study maps or other documents may have been devel-
oped that indicate local seismic hazards. For example, Fig. 2.37 presents a portion of the Seismic
Safety Study (1995) that shows the location of the Rose Canyon Fault Zone. Special study maps may
also indicate other geologic and seismic hazards, such as potentially liquefiable soil, landslides, and
abandoned mines.

After the site research has been completed, the next step in the screening investigation is a field
reconnaissance. The purpose is to observe the site conditions and document any recent changes to
the site that may not be reflected in the available documents. The field reconnaissance should also
be used to observe surface features and other details that may not be readily evident from the avail-
able documents. Once the site research and field reconnaissance are completed, the engineering geol-
ogist and geotechnical engineer can then complete the screening investigation. The results should
either clearly demonstrate the lack of seismic hazards or indicate the possibility of seismic hazards,
in which case a quantitative evaluation is required.

It should be mentioned that even if the results of the screening investigation indicate no seismic
hazards, the governing agency might not accept this result for essential facilities. They may still
require that subsurface exploration demonstrate the absence of seismic hazards for essential facilities.
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2.8.2 Quantitative Evaluation

The purpose of the quantitative evaluation is to obtain sufficient information on the nature and sever-
ity of the seismic hazards so that mitigation recommendations can be developed. The quantitative
evaluation consists of geologic mapping, subsurface exploration, and laboratory testing. The main
objectives of the subsurface exploration are to determine the nature and extent of the seismic haz-
ards. In this regard, the Division of Mines and Geology (1997) states:

The subsurface exploration should extend to depths sufficient to expose geologic and subsurface water
conditions that could affect slope stability or liquefaction potential. A sufficient quantity of subsurface
information is needed to permit the engineering geologist and/or civil engineer to extrapolate with confi-
dence the subsurface conditions that might affect the project, so that the seismic hazard can be properly
evaluated, and an appropriate mitigation measure can be designed by the civil engineer. The preparation of
engineering geologic maps and geologic cross sections is often an important step into developing an under-
standing of the significance and extent of potential seismic hazards. These maps and/or cross sections
should extend far enough beyond the site to identify off-site hazards and features that might affect the site.
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The depth of subsurface exploration has been discussed in Sec. 2.4.6. In terms of the depth of the
subsurface exploration for geotechnical earthquake engineering, Seed (1991) states:

Liquefaction investigations should extend to depths below which liquefiable soils cannot reasonably
be expected to occur (e.g., to bedrock, or to hard competent soils of sufficient geologic age that possible
underlying units could not reasonably be expected to pose a liquefaction hazard). At most sites where soil
is present, such investigation will require either borings or trench/test pit excavation. Simple surface
inspection will suffice only when bedrock is exposed over essentially the full site, or in very unusual cases
when the local geology is sufficiently well-documented as to fully ensure the complete lack of possibility
of occurrence of liquefiable soils (at depth) beneath the exposed surface soil unit(s).

Further discussion of geotechnical earthquake engineering will be presented in Chaps. 13 and 14.
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FIGURE 2.38 Subsoil profile. (From Lowe and Zaccheo, 1975; copyright Van Nostrand Reinhold.)
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2.9 SUBSOIL PROFILE

The final section of this chapter presents examples of subsoil profiles. The results of the subsurface
exploration are often summarized on a subsoil profile. Usually the engineering geologist is the person
most qualified to develop the subsoil profile based on experience and judgment in extrapolating con-
ditions between the borings, test pits, and trenches.

Figures 2.38 to 2.41 show four examples of subsoil profiles. The results of field and laboratory
tests have been included on these subsoil profiles. The development of a subsoil profile is often a
required element for foundation engineering analyses. For example, subsoil profiles are used to
determine the foundation type (shallow versus deep foundation), calculate the amount of settlement
or heave of the structure, evaluate the effect of groundwater on the project, develop recommenda-
tions for dewatering of foundation excavations, perform slope stability analyses for projects having
sloping topography, and prepare site development recommendations.
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FIGURE 2.39 Subsoil profile, Cambridge, Mass. (From Lambe and Whitman, 1969; reprinted with permission of
John Wiley & Sons.)

NOTATION

The following notation is introduced in this chapter:

C, = borehole diameter correction for the SPT

C, = for SPT and CPT, correction factor to account for the overburden pressure
C, = rod length correction for the SPT

d’ = defined in Fig. 2.34

D = diameter of the vane

D = diameter at the sampler cutting tip

D_ = inside diameter of the sampling tube

D, = outside diameter of the sampling tube

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



SUBSURFACE EXPLORATION

SUBSURFACE EXPLORATION 2.67

Ve

IR
B g

ap
L

I

i

L

\ ——
4 \f \ h—O—
TN e
AN
\WIINAV)
>R R

19
)‘.‘X
x

-
P

'\
\\
X

41/ \
[ Gom from
\ IO oedometer lestJ
it \ Guo

Type of Sheav strength

Field vane x +
|_{Triaxialun] & |

1111
2

4 6 8
Stress (kg/cm?)

(=]

FIGURE 2.39 (Continued)

E = hammer efficiency for the SPT
f, = soil friction along a side sleeve (CPT)

FR = friction ratio (CPT)
H = depth of penetration of the sampler (Sec. 2.4.2)

H = height of the vane (Sec. 2.4.4)

H,, H, = thickness of different soil strata
k, = at-rest earth pressure
Lg = gross length of sample
N = SPT N value

N, = group symbol for frozen soil
N, = SPT N value corrected for field testing procedures
(N))¢o = SPT N value corrected for field testing procedures and vertical effective stress
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FIGURE 2.40 Subsoil profile, Thames estuary clay, England. (From Skempton and
Henkel, 1953; reprinted from Lambe and Whitman, 1969.)

q. = cone resistance (CPT)

q., = cone resistance (CPT) corrected for vertical effective stress

= undrained shear strength of clay

s = undrained shear strength of remolded clay

S = sensitivity of the clay

= maximum torque required to shear the clay for the field vane test
V.V, = seismic wave velocities of different soil strata

T, = defined in Fig. 2.34

o = defined in Fig. 2.34

o’ = vertical effective stress
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PROBLEMS

Solutions to the problems are presented in App. C of this book

2.1 A sampling tube has an outside diameter D, of 3.00 in, a tip diameter D, of 2.84 inches, and a
wall thickness of 0.065 inches. If D, = D, (see Fig. 2.13), calculate the clearance ratio, area ratio,
and indicate if the sampling tube meets the criteria for undisturbed soil sampling.

ANSWERS: Clearance ratio = 1.06 percent, area ratio = 11.6 percent, and it is close to meeting the
criteria for undisturbed soil sampling.

2.2 A SPT was performed on a near surface deposit of clean sand where the number of blows to
drive the sampler 45 cm was 5 for the first 15 cm, 8 for the second 15 cm, and 9 for the third 15 cm.
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Assume that E, = 60 percent, the borehole diameter is 100 mm, and the drill rod length is 5 m.
Calculate the measured SPT N value (blows per foot), N, and (N, ), assuming that the vertical effec-
tive stress (07, ) = 50 kPa. Also indicate the density condition of the sand.

ANSWER: Measured SPT N value = 17, Ny, = 14.5, and (Ngo = 20.4. As per Table 2.6, the sand is
in a dense condition.

2.3 A field vane shear test was performed on a clay, where the rectangular vane had a length H of
4.0 in. and a diameter D of 2.0 in. The maximum torque 7, _required to shear the soil was 8.5 ft-Ib.
Calculate the undrained shear strength s, of the soil.

ANSWER: 500 psf.

2.4 Use the data in Fig. 2.34. Assume that 7, = 7,= 0.04, V, = 800 ft/sec,d’ = 50 ft, and the inter-
section of the clay and rock portions of the graph occur at a distance from the shot = 120 ft.
Determine H, and H,.

ANSWERS:  H =17.1 ftand H,=46.0 ft.

2.5 A construction site in New England requires excavation of rock. The geologist has determined
that the rock is granite and from geophysical methods (i.e., seismic refraction), the seismic velocity
of the in situ granite is 12,000 to 15,000 ft per sec. A Caterpillar D11R tractor/ripper is available.
Can the granite be ripped apart?

ANSWER:  No, blasting will be required.
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Source: FOUNDATION ENGINEERING HANDBOOK

CHAPTER 3
LABORATORY TESTING

3.1 INTRODUCTION

In addition to the subsurface exploration, an essential part of the foundation investigation is labora-
tory testing. The laboratory testing usually begins once the subsurface exploration is complete. The
first step in the laboratory testing is to log in all of the materials (soil, rock, or groundwater) recov-
ered from the subsurface exploration. Then the geotechnical engineer and engineering geologist pre-
pares a laboratory testing program, which basically consists of assigning specific laboratory tests for
the soil specimens. Experienced technicians, who are under the supervision of the geotechnical engi-
neer, often perform the actual laboratory testing of the soil specimens. Because the soil samples can
dry out or there could be changes in the soil structure with time, it is important to perform the labo-
ratory tests as soon as possible.

Usually at the time of the laboratory testing, the geotechnical engineer and engineering geologist
will have located the critical soil layers or subsurface conditions that will have the most impact on
the design and construction of the project. The testing program should be oriented towards the test-
ing of those critical soil layers or subsurface conditions. For foundation engineering, it is also impor-
tant to determine the amount of ground surface movement due to construction of the project. In these
cases, laboratory testing should model future expected conditions so that the amount of movement
or stability of the ground can be analyzed. During the planning stage, specific types of laboratory
tests may have been selected, but based on the results of the subsurface exploration, additional tests
or a modification of the planned testing program may be required.

Laboratory tests should be performed in accordance with standard procedures, such as those rec-
ommended by the American Society for Testing and Materials (ASTM) or those procedures listed in
standard textbooks or specification manuals (e.g., Lambe, 1951; Bishop and Henkel, 1962; Department
of the Army, 1970; Day, 2001a; Standard Specifications for Public Works Construction, 2003).

For laboratory tests, Tomlinson (1986) states:

It is important to keep in mind that natural soil deposits are variable in composition and state of con-
solidation; therefore it is necessary to use considerable judgment based on common sense and practical
experience in assessing test results and knowing where reliance can be placed on the data and when they
should be discarded. It is dangerous to put blind faith in laboratory tests, especially when they are few in
number. The test data should be studied in conjunction with the borehole records and the site observa-
tions, and any estimations of bearing pressures or other engineering design data obtained from them
should be checked as far as possible with known conditions and past experience.

Laboratory testing should be as simple as possible. Tests using elaborate equipment are time-consuming
and therefore costly, and are liable to serious error unless carefully and conscientiously carried out by high-
ly experienced technicians. Such methods may be quite unjustified if the samples are few in number, or if
the cost is high in relation to the cost of the project. Elaborate and costly tests are justified only if the
increased accuracy of the data will give worthwhile savings in design or will eliminate the risk of a costly
failure.

Table 3.1 presents a list of common soil laboratory tests used in geotechnical engineering. As
indicated in Table 3.1, laboratory tests are often used to determine the index properties, shear strength,

3.1
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TABLE 3.1 Common Soil Laboratory Tests Used in Geotechnical Engineering

Type of condition

Soil properties

Specification

Index tests (Sec. 3.2)

Water content test (moisture content)
Specific gravity test
Relative density

ASTM D 2216-98 and D 4643-00
ASTM D 854-02 and D 5550-00
ASTM D 4253-00 and D 4254-00

Particle size and Atterberg limits
(Sec. 3.2)

Sieve analysis
Hydrometer test
Atterberg limits test

Soil classification (USCS)

ASTM D 422-02
ASTM D 422-02
ASTM D 4318-00
ASTM D 2487-00

Settlement (Chaps. 7 and 8)

Collapse test
Consolidation test

ASTM D 5333-03
ASTM D 2435-03

Expansive soil (Chap. 9)

Expansion index test

HUD swell test

Intact swell test
Oedometer test (method C)

ASTM D 4829-03
HUD specifications (1971)
ASTM D 4546-03
ASTM D 4546-03

Shear strength tests
(Secs. 3.4 and 3.5)

Direct shear test

Unconfined compressive strength
Miniature vane test
Unconsolidated undrained triaxial
Consolidated undrained triaxial test
Torsional ring shear test

ASTM D 3080-03
ASTM D 2166-00
ASTM D 4648-00
ASTM D 2850-03
ASTM D 4767-02
ASTM D 6467-99

Compaction (Sec. 3.6)

Standard proctor test
Modified proctor test
Sand cone test

Drive cylinder test

ASTM D 698-00

ASTM D 1557-02
ASTM D 1556-00
ASTM D 2937-00

Permeability (Sec. 3.7)

Constant head test
Falling head test

ASTM D 2434-00
ASTM D 5084-00

Note: This specification is in the ASTM Standards Volume 04.09 (2004). All other ASTM standards are in Volume 04.08 (2004).

compressibility, and hydraulic conductivity of the soil. App. A (Glossary 2) presents a list of labora-
tory terms and definitions.

3.2 INDEXTESTS

Index tests are the most basic types of laboratory tests performed on soil samples. Index tests include

the following:

e Water content (also known as moisture content)

* Wet density determinations (also known as total density)

* Specific gravity tests

e Sieve analysis, hydrometer test, and Atterberg limits tests (used to classify the soil)

 Laboratory tests specifically labeled as index tests, such as the expansion index test that is used to
evaluate the potential expansiveness of a soil and will be discussed in Chap. 9

To fully understand index testing, phase relationships will first be introduced. Phase relationships
are the basic soil relationships used in geotechnical engineering. To assist in the understanding of phase
relationships, soil can be separated into its three basic parts, as shown in Fig. 3.1 and described below:
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FIGURE 3.1 Soil element and the soil element separated into phases.

1. Solids. Which are the mineral soil particles

2. Liquids. Which is usually water that is contained in the void spaces between the solid mineral
particles

3. Gas. Such as air that is also contained in the void spaces between the solid mineral particles. If
the soil is below the groundwater table, the soil is usually saturated and there are no open gas
voids.

As indicated on the right side of Fig. 3.1, the three basic parts of soil can be rearranged into their
relative proportions based on volume and mass. Certain phase relationships can be determined
directly from laboratory testing, such as the water content (Sec. 3.2.1), unit weight (Sec. 3.2.2), and
specific gravity (Sec. 3.2.3). Other phase relationships cannot be determined in a laboratory, but
instead must be calculated, and they will be discussed in Sec. 4.3.

3.2.1 Water Content Test

The water content, also known as moisture content, is probably the most common and simplest type
of laboratory test. This test can be performed on disturbed or undisturbed soil specimens. The water
content test consists of determining the mass of the wet soil specimen and then drying the soil in an
oven overnight (12 to 16 h) at a temperature of 110°C in order to determine the mass of the dry soil
solids M. By subtracting the initial wet mass from the final dry mass, the mass of water M, in the
soil can be calculated. The water content w of a soil can then be calculated as:

100M,,

W(%) = 3.1

s

where w = water content expressed as a percentage
M, = mass of the water in the soil (Ib or g)

M_ = mass of the dry soil solids (Ib or g)

Table 3.2 presents guidelines on the amount of soil that should be used for a water content test based
on the largest particle dimension. Water content values are often reported to the nearest 0.1 percent
or 1 percent of measured value. Values of water content w can vary from essentially 0 percent up to

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



3.4

LABORATORY TESTING

GEOTECHNICAL ENGINEERING

TABLE 3.2 Minimum Soil Sample Mass for Water Content Determination

Recommended minimum Recommended minimum
mass of wet soil specimen mass of wet soil specimen
Sieve size for water content to be for water content to be
Maximum corresponding to reported to the nearest reported to the nearest
particle size maximum size 0.1 percent (g) 1 percent (g)
2 mm or less No. 10 20 —
4.75 mm No. 4 100 20
9.5 mm 3/g in. 500 50
19.0 mm 3/, 1in. 2500 250

Note: Table based on ASTM D 2216-98 (2004). For soil containing particles larger than 3/, in., first sieve the sample on the
3/, in. sieve, record the mass of oversize particles (plus 3/,-in. sieve material), and then determine the water content of the soil
matrix (minus 3/4-in. sieve soil).

1200 percent. A water content of 0 percent indicates a dry soil, such as a clean gravel or sand located
in a hot and dry climate like Death Valley, California. Soil having the highest water content is organic
soil, such as fibrous peat, which has been reported to have a water content as high as 1200 percent
(NAVFAC DM-7.1, 1982).

The water content data are often plotted with depth on the soil profile. Note in Fig. 2.39 that the
water content has been plotted versus depth (darkened circles) and the water content varies from
about 30 to 40 percent for the clay. Water content data are also plotted (open circles) in Fig. 2.41,
and for this Canadian clay, the water content varies from about 60 to 80 percent.

Water content can provide valuable information on possible foundation problems. For example,
if a clay layer located below a proposed shallow foundation has a water content of 100 percent, then
it is likely that this clay will be highly compressible. Likewise if the same clay layer below the shal-
low foundation has a water content of 5 percent, then it is likely that the clay layer is dry and desic-
cated and could subject the shallow foundation to expansive soil uplift.

Many soils contain dissolved solids. For example, in the case of soil located at the bottom of the
ocean, the water between the soil solids may actually have the same salt concentration as seawater.
Another example is the presence of cations, which are attracted to clay particle faces (i.e., double
layer effect). Once the soil is dried, these dissolved ions and minerals will become part of the mass
of soil solids M. For most soils, this effect will have a minimal impact on the water content. An
exception is ocean bottom sediments having both salt water as the pore fluid between the soil parti-
cles and a very high water content (Noorany, 1984). Another exception could be lake bottom sedi-
ments where the lake contains a high salt concentration, such as the Salton Sea, California. For
further details, see ASTM D 2216-98 (2004), “Standard Test Method for Laboratory Determination
of Water (Moisture) Content of Soil and Rock by Mass.”

An alternate method for determining the water content is to use a microwave oven, i.e., ASTM D
4643-00, 2004, “Standard Test Method for Determination of Water (Moisture) Content of Soil by the
Microwave Oven Heating.” In this method, the wet soil is placed in a porcelain or glass dish and then
dried in the microwave oven. The advantage of this method is that the water content can be obtained
very quickly. The disadvantage of this method is that the soil will be subjected to a temperature that
is well in excess of 110°C. This overheating of the soil can result in inaccurate results for soil con-
taining hydrated water, such as microfossils and/or diatoms (e.g., diatomaceous earth). Inaccurate
results have also been reported for soil containing significant amounts of halloysite, mica, montmo-
rillonite, gypsum, or other hydrated materials, and highly organic soils.

3.2.2 Total Unit Weight

The total density, also known as the wet density, should only be obtained from undisturbed soil spec-
imens, such as those extruded from Shelby tubes or on undisturbed block samples obtained from test
pits and trenches. When extruding the soil from sampler tubes, it is important to push the soil out the
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back of the sampler. Soil should not be pushed out the front of the tube (i.e., the cutting end) because
this causes a reversal in direction of soil movement as well as the possible compression of the soil
because the cutting tip diameter is less than the internal tube diameter. In order to determine the total
density of a soil specimen, both the mass and corresponding volume of the soil specimen must be
known. One method is to extrude the soil from the sampling tube directly into metal confining rings
of known volume. Once the volume of the wet soil is known, the total density p, can be calculated as:

(3.2)

<|=z

p, =

where p, = total density of the soil (pcf or g/cm?)
M = total mass (Ib or g) of the soil which is the sum of the mass of water (M, ) and mass of
solids (M)
V = total volume (ft* or cm?) of the soil sample as defined in Fig. 3.1

Since most laboratories use balances that record in “grams,” and the gram is a unit of mass in the
International System of Units (SI), the correct terminology for Eq. 3.2 is density (mass per unit vol-
ume). The next step is to convert the wet density p, to total unit weight ¥, . In order to convert wet
density to total unit weight in the SI, the wet density is multiplied by g (where g = acceleration of
gravity = 9.81 m/sec?) to obtain the total unit weight, which has units of kN/m?. For example, in the
SI, the density of water p, = 1.0 g/cm? or 1.0 Mg/m?, while the unit weight of water y, = 9.81 kN/m’.

In the United States Customary System, density and unit weight have exactly the same value.
Thus the density of water and the unit weight of water is 62.4 pcf. However, for the density of water
p,,» the units should be thought of as pounds-mass (Ibm) per cubic foot, while for unit weight ¥, the
units are pounds-force (Ibf) per cubic foot. In the United States Customary System, it is assumed that
1 Ibm is equal to 1 Ibf.

The total unit weight is defined as the wet soil weight per unit volume. In this and all subsequent
unit weight definitions, the use of the term weight means force. In the SI, unit weight has units of
kN/m?3, while in the United States Customary System, the unit weight has units of pcf, but this
implies pounds of force (1bf) per cubic foot.

Similar to water content, it is common to plot the data versus depth on the subsoil profile. For
example, in Fig. 2.39, the total unit weight (pcf) has been plotted (open circles) versus depth and the
total unit weight is about 120 pcf (19 kN/m?) for the clay.

By using the water content w of the soil and the total unit weight ¥, the dry unit weight ¥, can be
calculated, as follows:

W=7, (3.3)

where y, = dry unit weight of the soil (pcf or kN/m?)
¥, = total unit weight of the soil (pcf or kN/m?)
w = water content of the soil, expressed as a decimal (dimensionless)

The buoyant unit weight 7, is also known as the submerged unit weight. It can be defined as
follows:

H=%-1 G4

where 7, = buoyant unit weight of the soil (pcf or kN/m?)
7, = total unit weight of the soil for a saturated condition (pcf or kN/m?)
¥, = unit weight of water (62.4 pcf or 9.81 kN/m?)

The buoyant unit weight can be used to determine the vertical effective stress for soil located
below the groundwater table (Sec. 4.4). Note that the total unit weight ¥, used in Eq. 3.4 must be for
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the special case where the void spaces are completely filled with water, such as a soil specimen
obtained from below the groundwater table.

3.2.3 Specific Gravity Test

The specific gravity is a dimensionless parameter that relates the density of the soil particles to the
density of water. By determining the dry mass of the soil M_ and using a pycnometer to obtain the
volume of the soil solids V,, the specific gravity of the soil solids can be determined. A pycnometer
can simply be a volumetric flask or stoppered bottle that has a calibration mark and a volume of at
least 100 mL (see Fig. 3.2). The specific gravity of solids G is defined as the density of solids p,
divided by the density of water p_, or:

FIGURE 3.2 Test apparatus for determining the specific gravity of solids. The pyc-
nometer, which is partly filled with soil and distilled water, is shown on the left side
of the photograph. A vacuum pump is shown on the right side of the photograph and
it is used to remove trapped air bubbles from the soil-water solution.
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G=""=—— (3.5)

where G = specific gravity of soil solids (dimensionless)
p:r = density of the soil solids (g/cm?)
p,, = density of water (1.0 g/cm?)

M_=mass of soil particles used for the test (g)

V = volume of the soil particles determined by using the pycnometer (cm?)

s

The specific gravity test takes a considerable amount of skill and time to complete and therefore
the test is often only performed on one or two representative soil samples for a given project. Then
the specific gravity value is used for the remaining soil specimens that are believed to be represen-
tative of the tested soil. For further details concerning the specific gravity test, see ASTM D 854-02
(2004), “Standard Test Methods for Specific Gravity of Soil Solids by Water Pycnometer.”

Rather than performing specific gravity tests, for many projects an assumed value of the specific
gravity is used. Table 3.3 presents typical values and ranges of specific gravity of solids versus dif-
ferent types of soil minerals. Because quartz is the most abundant type of soil mineral, the specific
gravity for inorganic soil is often assumed to be 2.65. For clays, the specific gravity is often assumed
to be 2.70 because common clay particles, such as montmorillonite and illite, have slightly higher
specific gravity values.

Soils that contain soluble soil minerals, such as halite or gypsum, should not be tested using a
pycnometer. This is because the soluble soil minerals will dissolve in the distilled water when tested
in the pycnometer (hence the volume of solids will be underestimated). An alternate approach has
been developed for testing of soil containing soluble soil particles. Rather than using distilled
water to determine the volume of soil solids, a gas pycnometer is used where a gas of known vol-
ume is placed into the pycnometer containing the dry soil. The increase in gas pressure is related
to the volume of soil within the pycnometer, see ASTM D 5550-00 (2004), “Standard Test Method
for Specific Gravity of Soil Solids by Gas Pycnometer.” Major disadvantages of this method are
the increased test difficulty and the need for specialized test apparatus, which may not be readily
available.

The specific gravity laboratory test as outlined earlier (i.e., ASTM D 854-02, 2004) is only
applicable for sand, silt, and clay-size particles. Oversize particles are often defined as gravel and

TABLE 3.3 Formula and Specific Gravity of Common Soil Minerals

Type of mineral Formula Specific gravity Comments

Quartz Sio, 2.65 Silicate, most common type of soil mineral
K feldspar KAISi,O¢ 2.54-2.57 Feldspars are also silicates and are the second
Na feldspar NaAlSi,O, 2.62-2.76 most common type of soil mineral

Calcite CaCO, 2.71 Basic constituent of carbonate rocks
Dolomite CaMg(CO,), 2.85 Basic constituent of carbonate rocks
Muscovite Varies 2.76-3.0 Silicate sheet-type mineral (mica group)
Biotite Complex 2.8-3.2 Silicate sheet-type mineral (mica group)
Hematite Fe,0, 5.2-5.3 Frequent cause of reddish-brown color in soil
Gypsum CaSO,- 2H,0 2.35 Can lead to sulfate attack of concrete
Serpentine Mg,Si,0,(OH), 2.5-2.6 Silicate sheet or fibrous type mineral
Kaolinite ALSi,0,(OH), 2.61-2.66 Silicate clay mineral, low activity

Illite Complex 2.60-2.86 Silicate clay mineral, intermediate activity
Montmorillonite Complex 2.74-2.78 Silicate clay mineral, highest activity

Note: Silicates are very common and account for about 80 percent of the minerals at the Earth’s surface. Data accumulated
from the following sources: Lambe and Whitman (1969) and Mottana et al. (1978).
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cobbles that are retained on the 3/, in. sieve (Day, 1989). For these large particles, there may be internal
rock fractures, voids, or moisture trapped within the gravel and cobbles. For these large particles, test
procedures and calculations can include these features and the test result is referred to as the “bulk
specific gravity,” commonly designated G,, see ASTM C 127-93 (2004), “Standard Test Method for
Specific Gravity and Absorption of Coarse Aggregate.” Because these large particles often have
internal rock fractures and voids, the value of G, is usually less than G .

3.2.4 Sieve Analysis

A basic element of a soil classification system is the determination of the amount and distribution of
the particle sizes in the soil. Soil classification will be discussed in Sec. 4.2. The distribution of par-
ticle sizes larger than 0.075 mm (No. 200 sieve) is determined by sieving, while a sedimentation
process (hydrometer test) is used to determine the distribution of particle sizes smaller than 0.075 mm.

A sieve is a piece of laboratory equipment that consists of a pan with a screen (square woven wire
mesh) at the bottom. U.S. standard sieves are used to separate particles of a soil sample into various
sizes. A sieve analysis is performed on dry soil particles that are larger than the No. 200 U.S. stan-
dard sieve (i.e., sand size, gravel size, and cobble size particles).

Sieves are designated in two different ways. The sieves having the largest openings are designat-
ed by their sieve openings in inches (such as the 4-in sieve, 3-in. sieve, 2-in. sieve, 1-in. sieve, 3/, in.
sieve, and the 3/; in. sieve). For example, the 4-in. U.S. standard size sieve has square openings that
are 4 in. (100 mm) wide. The second way that sieves are designated is by their U.S. sieve number.
This identification is used for the finer sieves and it refers to the number of opening per inch. For exam-
ple, a No. 4 sieve has four openings per inch, which are 0.19 in. (4.75 mm) wide. A common mis-
take is that the No. 4 sieve has openings 0.25 in. wide (i.e., 1.0 in. divided by 4), but because of the
wire mesh, the openings are actually less than 0.25 inch. Commonly used U.S. standard sieve num-
bers versus their sieve opening are as follows:

No. 4 U.S. Standard Sieve sieve opening = 4.75 mm
No. 10 U.S. Standard Sieve sieve opening = 2.00 mm
No. 20 U.S. Standard Sieve sieve opening = 0.85 mm
No. 40 U.S. Standard Sieve sieve opening = 0.425 mm
No. 60 U.S. Standard Sieve sieve opening = 0.25 mm
No. 100 U.S. standard Sieve sieve opening = 0.15 mm
No. 140 U.S. Standard Sieve sieve opening = 0.106 mm
No. 200 U.S. Standard Sieve sieve opening = 0.075 mm

The laboratory test procedures for performing a sieve analysis are presented in ASTM D 422-02
(2004), “Standard Test Method for Particle-Size Analysis of Soils.” The basic steps include first
determining the initial dry mass of the soil (M ). Then the soil is washed on the No. 200 sieve in order
to remove all the fines (i.e., silt and clay size particles). Special No. 200 sieves are available that have
high collars that facilitate the washing of the soil on the No. 200 sieve. The purpose of the washing
of the soil on the No. 200 sieve is to ensue that all the fines and surface coatings are washed-off of
the granular soil particles. Failure to use washed soil for the sieve analysis can lead to totally mis-
leading sieve results (Rollins and Rollins, 1996).

The next step is to oven dry the soil retained on the No. 200 sieve. Then a stack of dry and clean
sieves is assembled, such as illustrated in Fig. 3.3. The sieves are usually assembled so that the open-
ing in any sieve screen is approximately double that of the next-finer (lower) screen. The top sieve
should have openings that are large enough so that all of the soil particles will fall through the sieve.
The dry soil is poured into the top of the stack of sieves, a top lid is installed, and the sieves are shaken.
The stack of sieves can be shaken manually, although it is much easier to use a mechanical shaker,
such as shown in Fig. 3.4. After shaking, a balance is used to determine the mass of soil retained on

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)

Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



LABORATORY TESTING
LABORATORY TESTING 3.9

Dry soil placed in top sieve

-+— Coarsest sieve

Intermediate
sieves

FIGURE 3.3 Diagram illustrating the stacking of sieves.
(Adapted from The Asphalt Handbook, 1989.)

each sieve. The percent finer F by dry weight, also known as the percent passing, is then calculated
as follows:

R
F= IOO—IOO(#] (3.6)

N

where F' = percent dry soil passing a particular sieve
R,,¢ = cumulative amount of dry soil retained on a given sieve (Ib or g). This is calculated for
a particular sieve by adding the mass of the soil retained on that sieve and the mass of
the soil retained on all the coarser sieves
M_ = initial dry mass of the soil, obtained at the start of the test (Ib or g)
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FIGURE 3.4 Mechanical shaker.

3.25 Hydrometer Test

A sedimentation process is used to determine the particle distribution for fines (i.e., silt and clay size
particles finer than the No. 200 sieve). A hydrometer is used to obtain the necessary data during the
sedimentation process. The hydrometer test is based on Stokes law, which relates the diameter of a
single sphere to the time required for the sphere to fall a certain distance in a liquid of known vis-
cosity. The idea for the hydrometer test is that a larger, and hence heavier, soil particle will fall faster
through distilled water than a smaller, and hence lighter, soil particle. The test procedure is approx-
imate because many fine soil particles are not spheres, but are rather of a plate-like shape. Thus while
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the sieve analysis uses the size of a square sieve opening to define particle size, the hydrometer test
uses the diameter of an equivalent sphere as the definition of particle size.

If the amount of fines is less than 5 percent (i.e., percent passing No. 200 sieve is less than 5 per-
cent), typically a hydrometer test is not performed. Likewise, if the percent passing the No. 200 sieve
is between 5 percent and 15 percent, the soil may be nonplastic and once again a hydrometer test
may be unnecessary for classifying the soil. Usually if the percent passing the No. 200 sieve is
greater than 15 percent, a hydrometer test could be performed. The test procedure is as follows:

Preparation of Soil. The first step in the hydrometer test is to obtain a representative soil sample,
i.e., the same soil that was used for the sieve analysis. Then the larger soil particles are removed (i.e.,
plus No. 40 sieve material). For the hydrometer test, it is desirable to have about 50 g of soil finer
than the No. 40 sieve if it consists primarily of fines and about 100 g if it consists mostly of coarse-
grained particles (i.e., sand particles and fines). A mass of 5.0 g of sodium hexametaphosphate is
then added to the pan of soil and distilled water is added.

Mixing of Soil. The water, soil, and sodium hexametaphosphate are thoroughly mixed and allowed
to soak overnight. The purpose of the sodium hexametaphosphate is to act as a dispersing agent that
prevents the clay size particles from forming flocs during the hydrometer test. At the end of the soak-
ing period, a mechanical mixer is used to further disperse the soil-water-sodium hexametaphosphate

slurry.

Sedimentation Process. After the mixing is complete, all of the soil-water-sodium hexametaphos-
phate slurry is transferred to the 1000 mL glass sedimentation cylinder and distilled water is added
to the 1000 mL mark. A rubber stopper is placed on the open end of the cylinder, and then the cylin-
der is shaken for a period of about 1 min to complete the soil dispersion process. As soon as the
cylinder is set down, the hydrometer is inserted into the cylinder containing dispersed soil and read-
ings are taken at 1, 2, 5, 15, 30, 60, 250, and 1440 min (see Fig. 3.5).

Calculations of Percent Finer. A 152H hydrometer directly reads the mass of dissolved solids and
soil particles in suspension. The calculations for percent finer are rather detailed because of temper-
ature, specific gravity, and other required corrections. For the corrections and calculations as well as
further details on the hydrometer test, see ASTM D 422-02 (2004), “Standard Test Method for
Particle-Size Analysis of Soils.”

As previously mentioned, the hydrometer test is based on Stokes law that assumes that the soil
particles are spherical. Those soil particles that are smaller than about 0.005 mm are usually plate-
shaped and can have a length or width that is from five to several hundred times their thickness. The
fall of a plate-shaped soil particle through water has been described as somewhat like the downward
drifting of a leaf from a tree (Lambe, 1951). Because the plate-shaped soil particles tend to stay in
solution, the clay size fraction is typically overestimated by the hydrometer test.

Figure 3.6 shows the results of sieve and hydrometer tests performed on a soil. The plot shown
in Fig. 3.6 is termed the “grain size curve,” also known as the “particle size distribution.” The sieve
and hydrometer portions of the grain size curve are shown on the top of the graph. For the sieve
analysis, the “percent finer” [Eq. (3.6)] is plotted for a corresponding sieve size opening. For the
hydrometer test, the percent finer is plotted for a corresponding soil grain size.

The grain size curve shown in Fig. 3.6 was actually obtained from a computer program (gINT,
1991). The raw data from the sieve and hydrometer tests were inputted into the computer program
and the grain size curve and analysis of data were outputted. In Fig. 3.6, the particle sizes for cob-
bles, gravel, sand, and silt or clay are listed on the plot for easy reference.

At the bottom of Fig. 3.6, the computer program (gINT, 1991) has performed an analysis of the
sieve and hydrometer tests. The percent gravel size particles (0 percent), sand size particles (58.1
percent), silt size particles (16.2 percent), and clay size particles (25.7 percent) have been calculated.
The computer program also determines the D, D, D, and D, particle sizes. In Fig. 3.6, the

100° 60> ~30°
D

100 18 the largest particle size recorded (4.75 mm), the‘D(’O is the particle size corresponding to
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FIGURE 3.5 Laboratory hydrometer equipment. The 1000-mL cylinder on the

left contains the hydrometer suspended in water; the 1000-mL cylinder on the right
contains a dispersed soil specimen to be tested.

60 percent finer by dry weight (0.27 mm), D, is the particle size corresponding to 30 percent finer
by dry weight (0.006 mm), and D, is the particle size corresponding to 10 percent finer by dry
weight. Because of the presence of over 10 percent clay size particles for the soil data shown in
Fig. 3.6, D, could not be obtained for this soil.

If the sieve and the hydrometer tests are performed correctly, the portion of the grain size curve
from the sieve analysis should merge smoothly into the portion of the curve from the hydrometer
test, such as shown in Fig. 3.6. A large and abrupt jump in the grain size curve from the sieve to the
hydrometer test indicates errors in the laboratory testing procedure.

3.2.6 Atterberg Limits Tests

The term plasticity is applied to silts and clays and indicates an ability to be rolled and molded with-
out breaking apart. The Atterberg limits are defined as the water content corresponding to different
behavior conditions of silts and clays. Although originally six limits were defined by Albert
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FIGURE 3.6 Grain size curve and Atterberg limits test data (plot developed by gINT 1991 computer program).

Atterberg (1911), in geotechnical engineering, the term Atterberg limits only refers to the liquid limit
(LL), plastic limit (PL), and shrinkage limit (SL), defined as follows:

Liquid Limit (LL). The water content corresponding to the behavior change between the liquid and
plastic state of a silt or clay. The liquid limit is determined by spreading a pat of soil in a brass cup,
dividing it in two by use of a grooving tool, and then allowing it to flow together from the shock
caused by repeatedly dropping the cup in a standard liquid limit device (see Fig. 3.7). In terms of
specifics, the liquid limit is defined as the water content at which the pat of soil cut by the grooving
tool will flow together for a distance of 0.5 in. (12.7 mm) under the impact of 25 blows in a standard
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FIGURE 3.7 Liquid limit test. The upper photograph shows the liquid limit device containing soil with groove cut
through the soil (the grooving tool is on the right side of the photograph). The lower photograph shows the soil after it
has been tested (i.e., after the liquid limit cup has been raised and dropped).
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liquid limit device. For laboratory testing details, see ASTM D 4318-00 (2004), “Standard Test
Methods for Liquid Limit, Plastic Limit, and Plasticity Index of Soils.”

Plastic Limit (PL). The water content corresponding to the behavior change between the plastic
and semi-solid state of a silt or clay. The plastic limit is determined by pressing together and rolling
a small portion of the plastic soil so that its water content is slowly reduced with the end result that
the thread of soil crumbles apart (see Fig. 3.8). In terms of specifics, the plastic limit is defined as
the water content at which a silt or clay will just begin to crumble when rolled into a thread approx-
imately 1/8 in. (3.2 mm) in diameter. For laboratory testing details, see ASTM D 4318-00 (2004),
“Standard Test Methods for Liquid Limit, Plastic Limit, and Plasticity Index of Soils.”

Shrinkage Limit (SL). The water content corresponding to the behavior change between the semi-
solid to solid state of a silt or clay. The shrinkage limit is also defined as the water content at which any
further reduction in water content will not result in a decrease in volume of the soil mass. The shrink-
age limit is rarely obtained in practice because of laboratory testing difficulties and limited use of the
data. For testing details, see ASTM D 427-98 (2004), “Standard Test Method for Shrinkage Factors of
Soils by the Mercury Method,” or D 4943-02, 2004, “Standard Test Method for Shrinkage Factors
of Soils by the Wax Method.”

If the soil is nonplastic, the Atterberg limits tests are not performed. In many cases, it is evident
that the soil is nonplastic because it cannot be rolled or molded. However, some soils may be incor-
rectly labeled as nonplastic because they are dry and crumbly. Water should be added to such soils
to confirm that they cannot be rolled or molded at any water content. It is also possible that after
completion of the Atterberg limits test, the final result is that the plastic limit (PL) is equal to or
greater than the liquid limit (LL). This soil should also be classified as nonplastic.

FIGURE 3.8 Plastic limit test. The upper thread of soil is still too wet, the middle thread of soil is approaching the plas-
tic limit, and the lower thread of soil has been dried sufficiently and has reached the plastic limit.
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According to ASTM, the LL and PL must be performed on that portion of the soil that passes the
No. 40 sieve (0.425 mm). For many soils, a significant part of the soil specimen (i.e., those soil par-
ticles larger than the No. 40 sieve) will be excluded during testing. As indicated in Fig. 3.6, the LL
and PL tests were performed for the portion of this soil passing the No. 40 sieve and the results are
LL =73 (i.e., the water content at 25 blows is 73 percent) and PL = 22 (i.e., the water content where
the 1/8 in. thread of soil crumbles = 22 percent). The LL and PL are typically reported to the near-
est whole number and the percent designation is omitted.

The plasticity index (PI) is defined as the liquid limit minus the plastic limit, or:

PI=LL - PL 3.7

where PI = plasticity index of a cohesive soil
LL = liquid limit determined from the liquid limit test
PL = plastic limit determined from the plastic limit test

In Fig. 3.6, the PI is also indicated and is the LL minus the PL, or 51.

3.3 OEDOMETERTEST

The oedometer (also known as a consolidometer) is the primary laboratory equipment used to study
the settlement and expansion behavior of soil. The oedometer test should only be performed on
undisturbed soil specimens, or in the case of studies of fill behavior, on specimens compacted to
anticipated field and moisture conditions.

The first step in the laboratory testing using the oedometer apparatus is to trim the soil specimen.
In some cases, the undisturbed soil specimen can be trimmed directly from a block of soil by using
a sharp cutting ring (arrow 1 in Fig. 3.9). In other cases, the undisturbed soil specimen can be obtained

FIGURE 3.9 Specimen preparation. Arrow 1 points to a cutting ring which can be used to trim a soil
specimen from an undisturbed block of soil. Arrow 2 points to an undisturbed soil specimen extruded
from a soil sampler directly into a confining ring.
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by extruding the soil specimen from the soil sampler directly into a confining ring and then trimming
the top and bottom of the specimen so that it is flush with the ring (arrow 2 in Fig. 3.9). The trim-
ming of the soil specimen can be performed with a wire saw, sharp straight-edge knife, or a sharp
putty knife. Soft soils are often effectively trimmed with a wire saw but stiffer soils usually require
the use of a sharp straight-edge knife or sharp putty knife. Using the best cutting tool to minimize
sample disturbance often requires considerable experience and judgment.

Once the soil specimen has been trimmed, the next step is to place the soil specimen in the oedome-
ter apparatus. The equipment may vary, but in general, an oedometer consists of the following:

1. A metal ring that is used to laterally confine the soil specimen. For example, the undisturbed soil
specimen in Fig. 3.9 is laterally confined by a metal ring. Figure 3.10 shows a diagram of the two
basic types of soil specimen arrangements. For the fixed ring oedometer, the soil specimen will

Vertical Load

_— Dial gauge to measure

sample compression or
expansion

Standpipe

Base

Fixed ring oedometer

Vertical Load

_— Dial gauge to measure

sample compression or
expansion

Base

Floating ring oedometer

FIGURE 3.10 Fixed and floating ring oedometer apparatus. Note: Although
not shown above, the dial gauge should be positioned at the center of the load-
ing plate.
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be compressed from the top downward as the load is applied, while for the floating ring oedome-
ter, the soil specimen is compressed inward from the top and bottom. An advantage of the float-
ing ring oedometer is that there is less friction between the confining ring and the soil.
Disadvantages of the floating ring are that it is often more difficult to set up and soil may squeeze
or fall out of the junction of the bottom porous plate and ring. Because of these disadvantages,
the fixed ring oedometer is the most popular testing setup.

FIGURE 3.11 Loading device. Arrow 1 points to the soil specimen located at
the center of the equipment, arrow 2 points to the loading arm located at the cen-
terline of the equipment, arrow 3 points to a wheel that is rotated in order to level
the loading arm, and arrow 4 points to the dial gauge that is used to measure the
deformation of the soil specimen as it is loaded or unloaded.
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2. Dry porous plates are placed on the top and bottom of the soil specimen (see Fig. 3.10). The
porous plates must be clean (not clogged with soil) and the porous plates must have a high per-
meability to allow water to quickly flow through the plates and into or out of the soil specimen.
Filter paper can be placed between the soil and porous plates in order to prevent intrusion of fines
into the porous plates. The diameter of the porous plates should be 0.01 to 0.02 in. (0.2 to 0.5 mm)
less than the inside diameter of the confining ring. If a floating ring oedometer is used, then the
top and bottom plates should have the same diameter.

3. The soil specimen having porous plates on the top and bottom is then placed into a surrounding
container. The purpose of the surrounding container is to allow the soil specimen to be submerged
in distilled water during testing. A popular type of surrounding container is a Plexiglas dish.

4. A loading device is used to apply a concentric vertical load to the soil specimen. In general, a
loading device must meet two criteria: (1) it must be able to apply a constant and concentric ver-
tical load for a long period of time and (2) it must apply the vertical load quickly, but without
inducing an impact load upon the soil. Figure 3.11 shows one type of loading device that meets
these two criteria. In Fig. 3.11, arrow 1 points to the Plexiglas dish containing the laterally con-
fined soil specimen with top and bottom porous plates (from step 3) that has been placed at the
center of the testing apparatus. Arrow 2 in Fig. 3.11 points to a loading arm (located at the cen-
terline of the equipment) upon which weights are gently placed in order to apply a vertical stress
to the top of the soil specimen. Arrow 3 in Fig. 3.11 points to a wheel that is rotated in order to
level the loading arm and maintain the load for a long period of time. The vertical stress o),
applied to the soil is equal to P/A, where P = vertical concentric applied load and A = area of the
soil specimen.

5. A dial gauge is used to measure the vertical deformation of the soil specimen as it is loaded or
unloaded. Arrow 4 in Fig. 3.11 points to the dial gauge.

The oedometer test is popular because of its simplicity and it can be used to model and predict
the behavior of the in situ soil. For example, a soil specimen can be placed in the oedometer and
then subjected to an increase in pressure equivalent to the weight of the proposed structure. By ana-
lyzing the settlement versus load data, the geotechnical engineer can calculate the amount of
expected settlement due to the weight of the proposed structure. The oedometer can be used to
study the settlement behavior of collapsible soil (Chap. 7) and the consolidation of saturated clays
(Chap. 8). As will be discussed in Chap. 9, the oedometer can also be used to predict the amount
of heave of expansive soil.

3.4 SHEAR STRENGTH OF COHESIONLESS SOIL

3.4.1 Introduction

An understanding of the shear strength of soil is essential in foundation engineering. This is because
most geotechnical failures involve a shear type failure of the soil. This is due to the nature of soil,
which is composed of individual soil particles that slide (i.e., shear past each other) when the soil is
loaded. The shear strength of soil is required for many different types of engineering analyses, such
as the bearing capacity of shallow and deep foundations, slope stability analyses, and the design of
retaining walls.

The mechanisms that control the shear strength of soil are complex, but in simple terms the shear
strength of soils can be divided into two broad categories: (1) cohesionless soils, also known as non-
plastic or granular soils, and (2) cohesive soils, also known as plastic soils. This section will discuss the
shear strength of cohesionless soil and Sec. 3.5 will be devoted to the shear strength of cohesive soil.

The shear strength testing should be performed on saturated soil specimens. This is because the
shear strength testing of partially saturated soil could overestimate the shear strength if the soil
should become wetter. For example, it has been stated (Coduto, 1994):
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The shear strength of a partially saturated soil is higher than if it was saturated. However, do not rely
on this additional strength because of the possibility that the soil may become wetted sometime in the
future. Therefore, it is usually best to soak all soil samples in the laboratory before testing them.

When conducting drained tests, this additional strength will be manifested as cohesion, so be cautious
about using cohesive strength except in overconsolidated clays or in soils cemented with non—water-soluble
agents. When conducting undrained tests, strength gains due to partial saturation are more insidious
because they increase the measured s,. Therefore, it is appropriate to determine the degree of saturation
of laboratory test samples after they have been soaked to verify that they have been wetted sufficiently to
match the worst-case condition that might appear in the field.

To fully understand shear strength testing, the concept of effective stress will first be introduced.
The effective stress is defined as:

o’'=0-u (3.8)

where 0’ = effective stress (psf or kPa)
o = total stress (psf or kPa)
u = pore water pressure (psf or kPa)

In shear strength testing, the total stress acting on the soil specimen can be determined as the load
divided by the area over which it acts. The pore water pressure in the soil is typically assumed to be
equal to zero in the case of a saturated sand that is slowly sheared in direct shear apparatus or mea-
sured by a pore water pressure transducer in the case of a triaxial test on cohesive soil. The concept
of effective stress is also used for field applications and will be further discussed in Sec. 4.4.

The shear strength of the soil can be defined as (Mohr-Coulomb failure law):

7= ¢+ 0’ tan ¢’ 3.9

where U shear strength of the soil (psf or kPa)
¢’ = effective cohesion (psf or kPa)
o’ = effective normal stress acting on the shear surface (psf or kPa). The shear surface is also
referred to as the slip surface or failure plane.

¢ = effective friction angle, also known as the angle of internal friction (degrees)

The effective cohesion ¢” and the effective friction angle ¢”are known as the “shear strength para-
meters” of the soil. In essence, the shear strength parameters indicate how strong the soil will be when
subjected to a shear stress. The higher the values of ¢’ and ¢’, the higher the shear strength of the soil.

Nonplastic soils are known as cohesionless soils because there is no cohesion acting between the
soil particles. Thus for cohesionless soil, ¢’ = 0 and Eq. 3.9 reduces to:

T,

= 07, tan ¢ (3.10)

Cohesionless soils include gravels, sands, and nonplastic silt such as rock flour. A cohesionless
soil develops its shear strength as a result of the frictional and interlocking resistance between the
individual soil particles. Cohesionless soils can only be held together by confining pressures and will
fall apart when the confining pressure is released.

Equation 3.10 indicates that in order to determine the shear strength T, of a cohesionless soil, two
parameters need to be determined: '

Effective Normal Stress. The effective normal stress ¢”, is the effective stress that is acting per-
pendicular to the shear surface, i.e., it is the stress that is normal to the shear surface. The effective
normal stress 67, can be determined from basic geotechnical engineering principles. For example, if
it is desirable to determine the effective normal stress 6”, on a horizontal shear plane in a soil deposit,
then ¢’, would simply be equal to the vertical effective stress ¢’ at that depth.

Effective Friction Angle. The effective friction angle ¢ is an intrinsic property of the soil and can
be determined from laboratory or field testing.
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Although ¢’ = 0 is used for cohesionless soils, an exception is the testing of cohesionless soil at
high normal pressures, where the shear strength envelope may actually be curved because of parti-
cle crushing (Holtz and Gibbs, 1956a). In this case, a straight line approximation at high normal
stresses may indicate a cohesion intercept, but this value should be regarded as an extrapolated value
that is not representative of the shear strength of cohesionless soils at low values of ¢”,.

During shear of cohesionless soils, those soils in a dense state will tend to dilate (increase in vol-
ume), while those soils in a loose state tend to contract (decrease in volume). Cohesionless soils have
a high permeability and for the shear strength testing of saturated cohesionless soils, water usually
flows quickly into the soil when it dilates or out of the soil when it contracts. Thus the effective shear
strength, also known as the drained shear strength, is of most importance for cohesionless soils. An
important exception is the liquefaction of saturated and loose cohesionless soils which will be dis-
cussed in Chap. 13.

The shear strength of cohesionless soils can be measured in the direct shear apparatus. There can
be a small capillary tension in cohesionless soils and thus the soil specimen is saturated prior to
shearing. Because of these test specifications which require the direct shear testing of soil in a satu-
rated and drained state, the shear strength of the soil is expressed in terms of the effective friction
angle ¢’. Cohesionless soils can also be tested in a dry state and the shear strength of the soil is then
expressed in terms of the friction angle ¢. In a comparison of the effective friction angle ¢ from
drained direct shear tests on saturated cohesionless soil and the friction angle ¢ from direct shear
tests on the same soil in a dry state, it has been determined that ¢’ is only 1° to 2° lower than ¢
(Terzaghi and Peck, 1967; Holtz and Kovacs, 1981). This slight difference is usually ignored and the
friction angle ¢ and effective friction angle ¢ are typically considered to mean the same thing for
cohesionless soils.

Table 3.4 presents values of effective friction angles for different types of cohesionless soils. An
exception to the values presented in Table 3.4 are cohesionless soils that contain appreciable mica
flakes. A micaceous sand will often have a high void ratio and hence little interlocking and a lower
friction angle (Horn and Deere, 1962).

For many projects, the effective friction angle ¢ of a sand deposit is determined from laboratory
testing, such as using the direct shear test which will be discussed in the next section. In other cases,
indirect means, such as the standard penetration test (SPT) and the cone penetration test (CPT) can
be used to estimate the effective friction angle of the soil. As indicated in Figs. 3.12 and 3.13, the
effective friction angles ¢ for clean quartz sand can be estimated from the results of SPT or CPT for
various values of vertical effective stress o, .

Another useful chart is shown in Fig. 3.14. In this chart, the effective friction angle ¢’ can be esti-
mated based on the soil type and using either the dry unit weight (y,, see Sec. 3.2.2) or the relative
density (D,, see Sec. 4.3).

TABLE 3.4 Typical Effective Friction Angles ¢ for Different Cohesionless Soils

Effective friction angles

¢ at peak strength
Effective friction angle
Soil types Medium Dense (])’“ at ultimate strength*
Silt (nonplastic) 28°-32° 30°-34° 26°-30°
Uniform fine to 30°-34° 32°-36° 26°-30°
medium sand
Well-graded sand 34°-40° 38°-46° 30°-34°
Sand and gravel 36°—42° 40°-48° 32°-36°
mixtures

#The effective friction angle ¢’, at the ultimate shear strength state could be considered to be the same as the friction angle
¢ for the same soil in a loose state.
Source: Hough 1969.
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FIGURE 3.12 Empirical correlation between standard penetration test (SPT) N value, verti-
cal effective stress, and friction angle for clean quartz sand deposits. (Adapted from de Mello,
1970; reproduced from Coduto, 1994.)

In summary, for the shear strength of cohesionless soils, ¢’ = 0 and the effective friction angle ¢
depends on:

Soil type (Table 3.4). Sand and gravel mixtures have a higher effective friction angle than non-
plastic silts.

Soil density. For a given cohesionless soil, the denser the soil, the higher the effective friction
angle. This is due to the interlocking of soil particles, where at a denser state the soil particles are
interlocked to a higher degree and hence the effective friction angle is greater than in a loose state.
It has been observed that in the ultimate shear strength state, that the shear strength and density
of a loose and dense sand tend to approach each other.

Grain size distribution. A well graded cohesionless soil will usually have a higher friction angle
than a uniform soil. With more soil particles to fill in the small spaces between soil particles, there
is more interlocking and frictional resistance developed for a well graded than for a uniform
cohesionless soil.
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FIGURE 3.13 Empirical correlation between cone resistance, vertical effective stress, and
friction angle for clean quartz sand deposits. Note: 1 kg/cm? approximately equals 1 tsf.
(Adapted from Robertson and Campanella, 1983; reproduced from Coduto, 1994.)

Mineral type, angularity, and particle size. ~Soil particles composed of quartz tend to have a
higher friction angle than soil particles composed of weak carbonate. Angular soil particles tend
to have rougher surfaces and better interlocking ability. Larger size particles, such as gravel size
particles, typically have higher friction angles than sand.

Deposit variability. Because of variations in soil types, gradations, particle arrangements, and
dry density values, the effective friction angle is rarely uniform with depth. It takes considerable
judgment and experience in selecting an effective friction angle.

Indirect methods. For many projects, the effective friction angle of the sand is determined from
indirect means, such as the SPT, Fig. 3.12 and the CPT, Fig. 3.13. Another useful chart is pre-
sented in Fig. 3.14, which correlates the effective friction angle with the soil type and dry unit
weight or relative density.
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FIGURE 3.14 Approximate correlations to determine the effective friction angle ¢’ for cohesionless (nonplastic) soil. Enter
the figure with the dry unit weight y,, intersect the soil type (Unified Soil Classification System) to determine ¢'. As an alter-
native, enter the chart with the relative density and soil type to determine ¢'. Asterisk indicates line for nonplastic silt, such as

rock flour. (Adapted from NAVFAC DM-7.1, 1982.)

3.4.2 Direct Shear Test

The shear strength of cohesionless soil can be determined by using Eq. 3.10. The previous section
presented typical values of effective friction angles for cohesionless soil (Table 3.4) and indirect
methods for determining ¢’ from SPT, CPT, or based on soil classification and index properties. This
section describes the determination of the shear strength of cohesionless soils based on laboratory
testing. The most common laboratory test used to determine the effective friction angle is the direct
shear test.

The direct shear test, first used by Coulomb in 1776, is the oldest type of shear testing equipment.
The direct shear test is also the most common laboratory equipment used to obtain the drained shear
strength (shear strength based on effective stress) of a cohesionless soil. Figure 3.15 presents an illus-
tration the direct shear testing device. The purpose of the direct shear test is to literally shear the soil
specimen in half along a horizontal failure surface.

As indicted in Fig. 3.15, the direct shear apparatus has the means for applying a vertical load, also
known as the normal load. This vertical load can be converted into a pressure by taking the vertical
load divided by the soil specimen area, and this pressure is often referred to as the normal stress or
vertical pressure. As shown in Fig. 3.15, porous plates are also placed on both the top and bottom of
the soil specimen to allow for migration of water into or out of the soil specimen. The direct shear
box is usually circular and has two halves of equal thickness which are fitted together with align-
ment pins. The lower half of the direct shear box is firmly anchored, while the upper half of the direct
shear box has the ability to be deformed laterally. By applying a horizontal force to the top half of
the direct shear box, the soil specimen is sheared in half along a horizontal failure plane. Dial gauges
are used to measure both the vertical and horizontal deformation of the soil specimen during the
shearing process.

Although not shown in Fig. 3.15, the direct shear apparatus must also have provisions for allow-
ing the soil specimen to be submerged in distilled water. To prevent corrosion of the apparatus, the
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FIGURE 3.15 [Illustration of the direct shear test.

equipment should consist of stainless steel, bronze, or aluminum and dissimilar metals are not per-
mitted because they could lead to galvanic corrosive action.

In order to determine the effective friction angle ¢ of the cohesionless soil, usually at least three soil
specimens are sheared at different vertical pressures. It is important that the range in vertical pressures
used during the direct shear testing is approximately the same as the range in pressure applicable for the
field conditions. The test procedures for performing the direct shear test are listed in ASTM D 3080-03
(2004), “Standard Test Method for Direct Shear Test of Soils Under Consolidated Drained Conditions.”
The test procedures basically consist of the following:

1. Direct shear box. The undisturbed soil specimen is placed in a direct shear box, such as shown
in Fig. 3.16.

2. Shearing apparatus. The direct shear box, containing the soil specimen, is then transferred to the
shearing apparatus and locking screws are used to ensure that the bottom half of the direct shear box
will not move when the shearing force is applied to the upper half of the box. Although the equip-
ment shown in Fig. 3.17 has a removable direct shear box, for other types of direct shear equipment,
the lower half of the direct shear box may be permanently attached to the base of the apparatus.

3. Normal load. After the direct shear box is in place, a vertical load (i.e., normal load) is applied
to the soil specimen, such as shown in Fig. 3.17. The vertical load is usually applied by placing
weights on a hanger. Dial gauges are set-up to measure both the vertical and horizontal deforma-
tion of the soil specimen during the shearing operation. After the vertical load has been applied,
the soil specimen is submerged in distilled water and allowed to equilibrate.

4. Shearing. The final step is to apply a shear force to the upper half of the box, by either of the
following methods:

a. Controlled strain test. This is the most common type of test where the shear force is applied
so as to control the displacement rate. The objective is to shear the soil at a relatively uniform
rate of horizontal displacement. Often this is achieved by using an electric motor and gear box
arrangement. The shear force is determined by a load indicator device, such as a load cell or
proving ring. The load cell or proving ring should be able to accurately measure the shear force
to within 1 percent of the shear force at failure. The soil specimen should be sheared until the
horizontal displacement is from 10 to 20 percent of the original specimen diameter. Thus for
a typical diameter of 2.5 in. (6.4 cm), the soil specimen is sheared until the horizontal defor-
mation is at least 0.25 in. (0.64 cm).
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3

FIGURE 3.16 Soil specimen that has been inserted into the direct shear box. The arrow points to an align-
ment pin that holds together the two halves of the direct shear box.

b. Controlled stress test. 1In this case, the shear force is applied in increments. A cable is
attached to the upper half of the direct shear box. The cable is strung over a wheel and attached
to a hanger. The shear force is then equal to the weight of the hanger and the loads applied to
the hanger. The shear force is slowly increased by adding weights to the hanger. As the hori-
zontal deformation of the soil specimen increases (i.e., approaching the shear strength of the
soil), then progressively lighter weights should be applied to the hanger. When the shear
strength of the soil is reached, the soil specimen often quite suddenly shears in half.

During the shearing of the soil specimen, the information recorded includes the dial gauge read-
ings for the horizontal and vertical deformation of the soil specimen as well as the data from the
proving ring, load cell, or hanger weights that can be used to calculate the shear force. Also, the
shearing of the soil specimen must be slow enough that excess pore water pressures do not develop
within the soil specimen. This means that if the soil specimen wants to dilate during shear (such as
a dense soil specimen), then adequate time must be available to allow for the water to flow into the
soil specimen. Likewise, if the soil specimen wants to contract during shear (such as a loose soil
specimen), then adequate time must be available for water to flow out of the soil specimen. To enable
this drained condition of the soil specimen during shearing, the total elapsed time to failure (i.e., the
time from the start of shearing to the maximum applied shear force), should be as follows:

1. For clean sand having less than 5 percent nonplastic fines, the total elapsed time to failure should
be at least 10 min.

2. For silty sand having greater than 5 percent nonplastic fines, the total elapsed time to failure
should be at least 60 min.

3. For nonplastic silt, the total elapsed time to failure should be about 2 to 3 h.
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FIGURE 3.17 Direct shear apparatus. Arrow 1 points to a locking screw which holds in place the lower half of the shear
box. Arrow 2 points to the hanger which is used to apply a vertical load to the soil specimen. Arrow 3 points to a dial gauge
used to record the vertical deformation of the soil specimen during shearing. Arrow 4 points to a loading ram used to apply
a horizontal force to the upper half of the shear box.

Figure 3.18 presents the results of drained direct shear tests performed on undisturbed samples
of silty sand. Undisturbed samples were obtained from two borings (B-1 and B-2) excavated in the
silty sand deposit. A total of six direct shear tests were performed. For each direct shear test, the
effective normal stress was based on the in situ vertical overburden pressure. The undisturbed soil
specimen location and the vertical pressure (i.e., normal stress) during the direct shear tests were as

follows:
Location Vertical pressure (psf)
Boring B-1 at a depth of 3.5 ft 425
Boring B-1 at a depth of 6 ft 725
Boring B-2 at a depth of 2.5 ft 300
Boring B-2 at a depth of 4.5 ft 550
Boring B-2 at a depth of 6.5 ft 775
Boring B-2 at a depth of 10 ft 1250

During the shearing of the silty sand specimens in the direct shear apparatus, the shear stress
(which equals the shearing force divided by the specimen area) versus lateral deformation was
recorded and is plotted for two of the tests in Fig. 3.19. As shown in Fig. 3.19, the drained direct
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FIGURE 3.18  Shear strength versus effective normal stress for drained direct shear tests on silty sand specimens.
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shear test performed on the silty sand at B-2 at 10 ft (3 m) has a distinct peak in the curve, while
the drained direct shear test on the silty sand at B-1 at 6 ft (1.8 m) does not exhibit this distinc-
tive peaking of the curve. This is due to the dry density of the soil specimens, where the speci-
men at 10 ft is in a denser state (y, = 104 pcf, 16.4 kN/m?) than the silty sand at a depth of 6 ft
(7,= 93.4 pcf, 14.7 kN/m?). Both the peak (highest point) and ultimate (final value) from Fig. 3.19
have been plotted in Fig. 3.18 and are designated as the ultimate shear strength (squares) and the
peak shear strength (circles). In those cases where the peak and ultimate values coincide, only
one point is shown.

There is considerable scatter of the data in Fig. 3.18, but this is not unusual for soil which usually
has variable engineering properties. The straight line drawn in Fig. 3.18 is the shear strength enve-
lope, also known as the failure envelope, for the silty sand deposit. Considerable experience is needed
in determining this envelope. For example, taking a conservative approach, the envelope was drawn
by ignoring the two high peak shear strength points (B-2 at 2.5 ft and B-2 at 10 ft) and then a best-
fit line was drawn through the rest of the data points. In addition, the angle of inclination of the fail-
ure envelope, which is known as the effective friction angle ¢, is 30°, which is a typical value for
silty sands. Thus the failure envelope drawn in Fig. 3.18 was based on engineering judgment and
experience.

The failure envelope (straight line) shown in Fig. 3.18 is drawn through the origin of the plot.
This means that the effective cohesion ¢’ is zero. If the line had intersected the vertical axis, then that
value would be defined as the effective cohesion value ¢’. In summary, based on the direct shear data
presented in Fig. 3.18, the shear strength parameters for the silty sand are ¢’ = 0 and ¢’ = 30°.

The direct shear apparatus generally provides reasonably accurate values of the effective friction
angle ¢ for granular soils. The set-up and actual testing operation is relatively quick and simple,
which is the main reason for the popularity of the test.

3.5 SHEAR STRENGTH OF COHESIVE SOIL

3.5.1 Introduction

This section deals with the laboratory shear strength testing of plastic soils, also known as cohesive soils.
Cohesive soils have fines, which are silt and clay size particles that give the soil a plasticity or ability to
be molded and rolled. Typical types of cohesive soils are silts and clays. The shear strength of cohesive
soil is much more complicated than the shear strength of cohesionless soils. Also, in general the shear
strength of cohesive soils tend to be lower than the shear strength of cohesionless soils. As a result, more
shear induced failures occur in cohesive soils, such as clays, than in cohesionless soils.

The laboratory shear strength testing of cohesive soil can generally be divided into three broad
groups:

Undrained Shear Strength. Also known as the shear strength based on a total stress analysis. The
purpose of these laboratory tests is to either obtain the undrained shear strength s, of the soil or the
failure envelope in terms of total stresses (total cohesion, ¢, and total friction angle, ¢). These types
of shear strength tests are often referred to as undrained shear strength tests because there is no
change in water content of the soil during the shear portion of the test. Examples include the uncon-
fined compression test, vane shear test, unconsolidated undrained triaxial compression test, and the
consolidated undrained triaxial compression test. These types of laboratory tests are performed
exclusively on cohesive soils.

Drained Shear Strength. Also known as the shear strength based on an effective stress analysis.
The purpose of these laboratory tests is to obtain the effective shear strength of the soil based on the
failure envelope in terms of effective stress (effective cohesion, ¢’, and effective friction angle, ¢").
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These types of shear strength tests are often referred to as “drained” shear strength tests because the
water content of the soil is allowed to change during shearing. Examples of drained shear strength
tests are the direct shear test and the consolidated drained triaxial compression test. Although tech-
nically not a drained shear strength test, the consolidated undrained triaxial compression test with
pore water pressure measurements can also be used to obtain the effective shear strength parameters
of the soil (¢’ and ¢").

Drained Residual Shear Strength. For some projects, it may be important to obtain the residual
shear strength of cohesive soil, which is defined as the remaining (or residual) shear strength after a
considerable amount of shear deformation has occurred. For example, a clay specimen could be
placed in the direct shear box and then sheared back and forth several times to develop a well-defined
shear failure surface. Once the shear surface is developed, the drained residual shear strength would
be obtained by performing a final, slow shear of the specimen. The drained residual shear strength
can be applicable to many types of soil conditions where a considerable amount of shear deforma-
tion has already occurred. For example, the stability analysis of ancient landslides, slopes in over-
consolidated fissured clays, and slopes in fissured shales will often be based on the drained residual
shear strength of the failure surface (Bjerrum, 1967a; Skempton and Hutchinson, 1969; Skempton,
1985; Hawkins and Privett, 1985; Ehlig, 1992).
In summary, the basic types of laboratory shear strength tests for cohesive soils are as follows:

1. Unconsolidated undrained (UU). The unconsolidated undrained shear strength test is used to
obtain the undrained shear strength s, of the soil. Typical types of laboratory tests are the uncon-
fined compression test and the vane shear test.

1

Consolidated undrained (CU). The consolidated undrained shear strength test is used to obtain
the failure envelope in terms of total stresses, i.e., total cohesion ¢ and total friction angle ¢. The
triaxial apparatus is used to perform this test.

3. Consolidated undrained with pore water pressure measurements (CU’). The consolidated
undrained shear strength test with pore pressure measurements is used to obtain the failure enve-
lope in terms of effective stress, i.e., effective cohesion ¢” and effective friction angle ¢'. The tri-
axial apparatus is used to perform this test.

4. Consolidated drained (CD). The consolidated drained test is also used to obtain the failure enve-
lope in terms of effective stress, i.e., effective cohesion ¢” and effective friction angle ¢’". The con-
solidated drained test can be performed in the direct shear apparatus or in the triaxial apparatus.

5. Drained residual shear strength. The drained residual shear strength is used to obtain the resid-
ual failure envelope in terms of effective stress, i.e., residual friction angle ¢/ . The drained resid-
ual shear strength can be obtained by shearing back and forth a specimen in the direct shear
apparatus or by using the torsional ring shear apparatus.

3.5.2 Triaxial Test

Triaxial Apparatus. In terms of understanding shear strength behavior, the triaxial test is probably
the most important laboratory test and it is used extensively in the laboratory testing of cohesive soil.
Because this test is so important, the test procedures and calculations required for this complex test
will be discussed in detail.

The triaxial test procedure is to place a cylindrical specimen of cohesive soil in the center of the
triaxial apparatus, seal the soil with a rubber membrane, subject the soil to a confining fluid pres-
sure, and then the soil specimen is sheared by increasing the vertical pressure. The types of labora-
tory tests that require the triaxial apparatus are classified according to the soil specimen drainage
conditions, and they are as follows:

1. Unconsolidated undrained triaxial compression test

2. Consolidated drained triaxial compression test
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3. Consolidated undrained triaxial compression test

4. Consolidated undrained triaxial compression test with pore water pressure measurements

Because the data are of limited use, the unconsolidated undrained triaxial compression test is
rarely used in practice. Likewise, the consolidated drained triaxial compression test is also rarely
used in practice because the shearing of the cohesive soil in a drained state takes too long. The con-
solidated undrained triaxial compression test and the consolidated undrained triaxial compression
test with pore water pressure measurements are identical, except that the latter test records the pore
water pressure during shearing. The consolidated undrained triaxial compression test with pore water
pressure measurements is by far the most popular of the four triaxial tests. The reason this triaxial
test is so popular is because it can provide the shear strength in terms of total stresses (¢ and ¢) and
by measuring the pore water pressures during shearing, the shear strength in terms of effective
stresses (¢’ and ¢") can also be determined.

The left side of Fig. 3.20 presents an illustration of the triaxial apparatus. Figure 3.21 shows a
photograph of the triaxial equipment and the loading apparatus. Arrow 1 in Fig. 3.21 points to the
soil specimen which has been placed in the center of the triaxial apparatus and encased within a rub-
ber membrane. The basic elements of the triaxial apparatus are as follows:

1. Triaxial chamber. Arrow 2 in Fig. 3.21 points to the triaxial chamber. As indicated Fig. 3.20,
the triaxial chamber consists of a top plate, base plate, and a chamber cylinder. Both the top plate
and base plate are made of metal and have a round grove. A compressible O-ring and the chamber
cylinder should fit snugly into each grove. Tie bars are used to clamp together the top plate, base
plate, and chamber cylinder. Although only one tie bar is shown in Fig. 3.20, the triaxial chamber is
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FIGURE 3.20 The left side of the figure shows the triaxial chamber. The right side of the figure shows
the pressures that are exerted on the soil specimen during the triaxial test.
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FIGURE 3.21 Photograph of the triaxial equipment and the loading apparatus. Arrow 1 points to the soil specimen which is encased
in a rubber membrane, arrow 2 points to the triaxial chamber, arrow 3 points to the tube that leads to the chamber pressure control sys-
tem, arrow 4 points to the tube that leads to the drainage measurement system and back pressure system, arrow 5 points to the loading
piston, and arrow 6 points to a dial gauge used to measure the vertical deformation of the soil specimen.

typically fitted with at least three tie bars. The chamber cylinder can be made out of Plexiglas or
metal and it must be able to safely resist the highest chamber pressure that will be used for the appa-
ratus. A Plexiglas chamber, such as shown in Fig. 3.21, is more desirable than a metal cylinder
because it enables the behavior of the soil specimen to be observed during testing.

The top plate is equipped with an axial load piston that is used to apply a vertical load to the top
of the soil specimen. To reduce piston friction and the escape of chamber fluid along the sides of the
piston, the top plate is equipped with ball bushings having pressure seals as shown in Fig. 3.20.
Typically two ball bushings are used to guide the piston, minimize friction, and maintain vertical
alignment. The top plate is also equipped with a vent valve such that air can be forced out of the
chamber when it is filled with chamber fluid (usually water is used as the chamber fluid). One end
of a tube is connected to this vent valve with the other end connected to a chamber pressure control
system (discussed as Item No. 3).

The base plate is equipped with a central pedestal upon which the soil specimen is placed as
shown in Fig. 3.20. The base plate also has an inlet through which the fluid is supplied to the cham-
ber. Furthermore, the base plate has inlets leading to the soil specimen base and cap to allow satura-
tion and drainage of the soil specimen when required (discussed as Item No. 4).

2. Rubber membrane. As indicated in Fig. 3.20, the soil specimen is sealed in a rubber mem-
brane. Arrow 1 in Fig 3.21 points to the soil specimen encased in the rubber membrane. The rubber
membrane must provide reliable protection against leakage of chamber fluid into the soil specimen.
The membrane should be carefully inspected prior to use, and if any flaws or pinholes are discov-
ered, then it should be discarded.
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To offer minimum lateral restraint to the soil specimen, the unstressed membrane diameter should
be between 90 to 95 percent of the specimen diameter. The membrane is sealed to the pedestal of the
base plate and to the specimen cap by using O-rings (see Fig. 3.20).

3. Chamber pressure control system. The chamber fluid pressure is also known as the cell pres-
sure. As indicated in Fig. 3.20, a tube connects the chamber pressure control system to the top valve
in the triaxial chamber. Arrow 3 in Fig. 3.21 points to the tube that connects the chamber pressure
control system to the triaxial chamber.

The purpose of the chamber pressure control system is to apply and maintain a pressure to the fluid
contained within the triaxial chamber. This chamber fluid pressure applies a confining stress o, to the
soil specimen. Several different types of chamber pressure control systems are available, such as self-
compensating mercury pots, pneumatic pressure regulators, and combination pneumatic pressure and
vacuum regulators. Because it may take several days to complete a triaxial test, chamber pressure sys-
tems having an air-water interface are not recommended by ASTM.

The chamber pressure is typically measured by using an electronic pressure transducer which
directly measures the chamber fluid pressure. The chamber pressure transducer should be calibrated
so that it records the chamber pressure that is exerted at the mid-height of the soil specimen.

4. Pore water pressure and drainage measurement system. As mentioned in Item 1, the base
plate has inlets leading to the soil specimen base and cap to allow saturation and drainage of the soil
specimen when required. For example, Fig. 3.20 shows the tubes that lead from the soil specimen to
the pore water pressure and drainage measurement system. There are three components to the pore
water pressure and drainage measurement system, as follows:

Pore water pressure. The purpose of the pore water pressure system is to measure the pore
water pressure within the soil sample during testing. In order for this to be accomplished, the pore
water measuring system must consist of non-flexible components. Thus the tubing between the
specimen and the pore water measuring device must be short, thick walled, and have a small
diameter. Likewise the pore water pressure measuring device must be very stiff, and this is often
accomplished by using a very stiff electronic pressure transducer. The pore water pressure trans-
ducer should be calibrated so that it records the pore water pressure at the mid-height of the soil
specimen. An air bubble that becomes trapped within the pore water pressure measuring system
can cause significant inaccuracies in the pore water pressure readings.

The pore water pressure measurement system usually has the ability to be separated from the
drainage measurement system. This enables the drainage measurement system to be shut-off, yet
the pore water pressure within the soil specimen could still be monitored.

Drainage measurement system. The purpose of the drainage measurement system is to record
the volume of water that enters or leaves the soil specimen. This system is needed for those soil
specimens that are either consolidated or sheared in a drained state. A burette is usually used to
measure the volume of water that enters or leaves the soil specimen.

Back pressure system. The triaxial equipment should also include the ability to apply a pore
water pressure to the soil specimen. A pore water pressure that is applied to the soil specimen is
known as the “back pressure.” The system used to apply the back pressure is separate from the
chamber pressure control system (Item 3). However, the device used to apply the back pressure
could be the same type of device used to apply the chamber pressure.

Usually the drainage measurement system and the back pressure system are directly connected.
Thus drainage of water from the soil specimen would flow through the drainage measurement
system and into the back pressure system. This enables the flow of water into or out of the soil
specimen to be measured for any change in the back pressure.

The pore water pressure measurement system, drainage measurement system, and back pres-
sure system often have valves that are used to either open or close each individual system. These
valves must be of a type that produce minimum volume changes during their operation. For
example, ball valves have been found to produce minimum volume changes when opened and
closed. In addition, the valves must be capable of withstanding the pore water pressure or back
pressure without leaking.
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5. Loading apparatus. Figure 3.21 shows the triaxial chamber that has been inserted into the
loading apparatus. The purpose of the loading apparatus is to apply a vertical load to the piston.
Arrow 5 in Fig. 3.21 points to the loading piston. The load from the piston is transferred to the spec-
imen cap and ultimately to the top of the soil specimen. This axial load is used to shear the cylin-
drical specimen of soil.

The actual loading device can consist of weights applied to a hanger (controlled stress test) or a
device used to control the displacement rate of the loading piston (controlled strain test) such as a
screw jack driven by an electric motor acting through a geared transmission. The most commonly
used loading device is the controlled strain test, and this is the only type of loading apparatus that
will be further discussed in this chapter. For the controlled strain test, the load is determined by using
a load indicator device, such as a load cell or proving ring. The load cell or proving ring should be
able to accurately measure the axial force to within 1 percent of the axial force at failure.

During axial loading, a dial gauge is used to record the vertical deformation of the soil specimen.
Arrow 6 in Fig. 3.21 points to the dial gauge that is used to measure the vertical deformation of the
soil specimen. Other types of devices such as a linear variable differential transformer (LVDT) or an
extensiometer can be used to measure the vertical deformation of the soil specimen.

The right side of Fig. 3.20 shows the pressures that are applied to the soil specimen during the
triaxial compression test, as follows:

1. Vertical total stress. The major principal total stress o, is equal to the vertical total stress o].
The vertical total stress o, is equal to the chamber fluid pressure plus the load induced by the pis-
ton divided by the area of the specimen, or:

0,=0,= 0.+ (PIA) G.11)

where 0, = major principal total stress acting on the soil specimen (psi or kPa)

o, = vertical total stress acting on the top of the soil specimen (psi or kPa). It is equal to
the sum of the cell pressure ¢, and the pressure exerted by the loading piston.

0, = chamber fluid pressure, also known as the cell pressure (psi or kPa)

P =load applied by the loading piston (Ib or kN)

A = area of the soil specimen (in.? or m?). Because the area of the soil specimen changes
as P is applied, an area correction is required

2. Horizontal total stress. The minor principal total stress o, is equal to the horizontal total stress
0. The horizontal total stress is induced on the soil specimen by the chamber fluid pressure o, or:

=0, (3.12)

where: o, = minor principal total stress acting on the soil specimen (psi or kPa)
0, = horizontal total stress (psi or kPa), which is equal to the cell pressure (0,)
o, = chamber fluid pressure, also known as the cell pressure (psi or kPa)

For the triaxial compression test, the intermediate principal total stress (o,) is equal to the
minor principal total stress (i.e., 0, = 03).

3. Pore water pressure. The pore water pressure u that exists within the soil specimen can be
applied to the soil specimen or it can be measured during testing. As previously mentioned, an
applied pore water pressure is known as the back pressure.

4. Deviatoric pressure. The deviatoric pressure is also known as the deviator stress or stress differ-
ence. The deviatoric pressure is developed during the shearing of the soil specimen when the axial
load is applied to the top of the soil specimen. The deviatoric pressure is defined as the major prin-
cipal total stress minus the minor principal total stress, or deviatoric pressure = 0, — 0, = 0, — O,

By knowing the principal total stresses and the pore water pressure within the soil specimen, the
principal effective stresses can be calculated as follows:
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o'\=0,-u (3.13)
o,=0,-u (3.14)
where ¢’, and ¢”, are the major and minor principal effective stresses.

Test Procedure. As previously mentioned, by far the most popular triaxial test used in practice is
the consolidated undrained triaxial compression test with pore water pressure measurements. The
test procedures for this laboratory triaxial test are as follows:

1. Soil specimen. An undisturbed soil specimen must be used for the triaxial test. For projects
where it is anticipated that there will be fill placement, the fill specimens can be prepared by com-
pacting them to the anticipated field as-compacted density and moisture condition. An undisturbed
soil specimen can be trimmed from a block sample or extruded from a thin-walled sampler.

For the triaxial test, soil specimens must have a minimum diameter of 1.3 in. (33 mm). The spec-
imen height divided by the specimen diameter should be between 2 and 2.5. The trimming process
should be performed as quickly as possible to minimize the possibility of a change in water content
of the cohesive soil. Often the soil specimen will be simply extruded from a Shelby tube and then
the top and bottom of the specimen are trimmed flush. The top and bottom of the soil specimen must
be trimmed so that they are perpendicular to the longitudinal axis of the specimen. In this case where
the soil sample is extruded from a sampling tube, the initial diameter of the soil specimen is equal
to the inside diameter of the sampling tube.

2. Index properties.  After the soil specimen has been trimmed, the index properties of the soil
should be determined. Typically, the trimmings can be collected in order to determine the water con-
tent of the soil (see Sec. 3.2.1). In addition, a balance can be used to obtain the mass of the cylin-
drical soil specimen. By knowing the diameter of the soil specimen D, and measuring the height of
the soil specimen H , the total unit weight can be calculated (see Sec. 3.2.2). Using the water con-
tent, the dry unit weight can also be calculated.

3. Porous disks and filter paper. Because the soil specimen will first be consolidated prior to
shearing, filter paper strips should be attached to the sides of the soil specimen. The purpose of the
filter paper strips is to enable the soil specimen to drain from its sides and hence speed-up the con-
solidation process. Rectangular strips are typically cut from a large sheet of filter paper, such as
Whatman’s No. 54 filter paper. Figure 3.22 shows a cohesive soil specimen with the filter paper
strips attached to its perimeter. Usually by slightly moistening the filter paper strips, they will adhere
to the cohesive soil. ASTM recommends that the filter paper cover no more than 50 percent of the
specimen periphery. But for large diameter soil specimens, such as the 2.5 in. (6.35 cm) diameter
specimen shown in Fig. 3.22, a larger area of filter paper may be needed in order to speed-up the
consolidation process.

As shown in Fig. 3.22, porous disks are placed on the top and bottom of the soil specimen. The
porous disks should have the same diameter as the soil specimen. The filter paper strips need to be
long enough so that they are in contact with the sides of the porous disks. This direct contact will
facilitate the transfer of water between the filter paper strips and the porous disks.

It is important to carefully handle the soil specimen in order to minimize disturbance and prevent
a change in cross section. In addition, the filter paper and porous disks should be installed as quickly
as possible to prevent a change of water content of the soil specimen.

4. Rubber membrane. With the top plate, base plate, and chamber cylinder is a disassembled
condition, the soil specimen containing top and bottom porous disks is placed on the base plate
pedestal. A cap is then positioned on the top of the specimen. Check that the specimen cap, porous
disks, and soil specimen are centered on the base plate pedestal. The specimen is then carefully
encased in a rubber membrane. The membrane can be installed by rolling it up from the bottom or
by using a membrane expander. Prior to installing the membrane, a thin coating of silicon grease can
be installed on the vertical surfaces of the specimen cap and base plate pedestal and this grease will
aid in sealing the membrane. The rubber membrane must extend beyond both the top and bottom
porous disks and must be long enough to provide a seal around the perimeter of the base plate
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FIGURE 3.22 Both photographs show the soil specimen with filter strips attached to its perimeter. In the upper pho-
tograph, the top porous disk has not yet been installed. Note in the upper photograph that the filter paper extends above
the top of the soil specimen. The lower photograph shows the soil specimen with the top porous disk in place.
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pedestal and the specimen cap. The rubber membrane is sealed to the pedestal of the base plate and
to the specimen cap by using O-rings (the O-rings can be prepositioned on the specimen cap and base
plate pedestal and then rolled into place). Figure 3.23 shows the completion of Step 4, i.e., the soil
specimen and specimen cap have been placed on the base plate pedestal, the soil specimen has been
sealed with a rubber membrane, and the O-rings are in place.

5. Triaxial chamber. Once the soil specimen is in place and sealed in the rubber membrane, the
triaxial chamber is assembled. The chamber cylinder is installed in the base plate groove and then
the top plate is positioned on top of the chamber cylinder. The three components of the triaxial cham-
ber (i.e., the base plate, chamber cylinder, and top plate) are clamped together by tightening the tie
bars. Figure 3.24 shows the triaxial chamber in its assembled condition.

The specimen cap has a circular indentation at its center, and the alignment of the loading piston
and specimen cap should be checked. This is accomplished by pushing down the loading piston and
making sure it fits neatly into the center of the specimen cap. During this process, it is important that
the soil specimen not be inadvertently loaded by the piston. With the piston in contact with the spec-
imen cap, record the reading of the vertical dial indicator (e.g., the dial gauge). This dial reading is
recorded as the initial dial reading for the vertical deformation of the soil specimen.

The chamber is then filled with fluid, usually distilled water. The fluid is allowed to flow into the
bottom of the chamber and then up through the valve located in the top plate. The goal is to fill the
chamber with fluid without trapping any air within the chamber.

6. Saturation of soil specimen. The objective of the saturation process is to fill all the voids within
the soil specimen with water without producing undesirable prestressing of the specimen or allowing the

FIGURE 3.23 The soil specimen and specimen cap have been placed on the base plate pedestal, the soil specimen has been sealed
with a rubber membrane, and the O-rings are in place.
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FIGURE 3.24 This photograph shows the triaxial chamber in its assembled condition.

soil to swell. There are two steps in this process: (1) achieving saturation of the pore water pressure and
drainage measurement systems, and (2) ensuring saturation of the soil specimen itself.

There are many different methods of achieving saturation of the pore water pressure and drainage
measurement system. One approach is to apply a vacuum to the top drainage tube and then slowly
draw distilled water up through the lower porous disk, filter paper strips, and top porous disk and
then out of the specimen cap. The purpose of this procedure is to remove as much air as possible and
achieve saturation of the drainage tubes, porous disks, and filter paper strips. The partial vacuum
applied to the system should never exceed the effective consolidation pressure used for the test.

After the pore water pressure and drainage measurement systems are saturated, the next step is
to saturate the soil specimen. This is accomplished by using a back pressure which will force the air
into solution. The procedure is to simultaneously increase both the chamber pressure and the back
pressure, always keeping the chamber pressure greater than the back pressure. The difference
between the chamber pressure and back pressure (also known as the effective confining pressure)
should not exceed 5 psi (35 kPa). For most soil specimens that have a high degree of saturation, a
back pressure of about 100 psi (700 kPa) is usually sufficient to ensure saturation (i.e., S = 100 per-
cent) of the soil specimen. If initially the soil specimen has a low degree of saturation, such as a com-
pacted clay specimen, then a much higher back pressure may be needed to ensure saturation.

In order to help with the saturation process, distilled water that has been deaired can be used in Step
6. Air remaining in the soil specimen and drainage system just prior to applying the back pressure will
go into solution much more readily if deaired water is used for saturation. The use of deaired water may
also decrease the time and back pressure required for saturation. There are many procedures that can
create deaired water. For example, the distilled water can be placed in a flask and then a vacuum can
be used to reduce the pressure in the flask. By agitating the flask, the distilled water can be deaired.
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7. Consolidation of soil specimen. The objective of this process is to consolidate the soil speci-
men in the triaxial apparatus. The fluid in the triaxial chamber applies the same pressure in all direc-
tions to the soil specimen and thus this process is known as isotropic consolidation (i.e., 0, = 0,). The
consolidation pressure ¢”, also known as the effective confining pressure or effective con@ohdatlon
pressure, is equal to the chamber pressure o, minus the back pressure u, or: 6, =0’ = 0', =0, —u.

At the completion of step 6, an initial burette readlng is obtained. The 1n1t1al effective conﬁnmg
pressure for the soil specimen should not exceed 5 psi (35 kPa). The burette is monitored, and if the
soil specimen starts to swell (i.e., the burette indicates that water is flowing into the soil specimen),
then the effective confining pressure should be immediately increased. If the burette indicates that
the cohesive soil specimen is consolidating (i.e., water leaving the soil specimen), then the soil spec-
imen should be allowed to equilibrate under this initial effective confining pressure.

After the soil specimen has equilibrated under the initial effective confining pressure, a burette
reading is taken. The cell pressure is then increased and it is desirable to use a load increment ratio
equal to 1.0. Thus the chamber fluid pressure is increased such that the effective confining pressure
is doubled. At each effective confining pressure, burette readings can be taken at intervals of elapsed
time of 0.1, 0.25, 0.5, 1, 2, 4, 8, 15, and 30 min and at 1, 2, 4, 8, and 24 h. As recorded by the burette,
the volume of water leaving the soil specimen during consolidation can be plotted versus the log of
time (see Chap. 8). The soil specimen should not be subjected to an increase in effective confining
pressure until it has completed primary consolidation.

The soil specimen is incrementally loaded up to the effective confining pressure for which the
shear strength will be determined. It is essential that at this effective confining pressure, the soil spec-
imen be allowed to complete primary consolidation and enter secondary compression. The data can
be plotted on a log of time plot to ensure that the soil specimen has completed primary consolidation.

In Fig. 3.25, the soil specimen has been subjected to a chamber pressure and back pressure and
is in the process of being consolidated.

8. Checking the B value. After consolidation is complete and just prior to shearing, the B value
should be checked. The process consists of first recording the pore water pressure, which is equal to
the back pressure u . Then the valve to the drainage measurement system and the back pressure sys-
tem is closed (i.e., no water is allowed to enter or leave the soil specimen). Only the valve that leads
to the measurement of the soil specimen pore water pressure is to remain open.

The next step is to increase the chamber pressure by about 10 psi (70 kPa), i.e., Ao, = 10 psi. After
the increased chamber pressure has been applied to the soil specimen for about 2 min, the pore water
pressure is measured u /- The change in pore water pressure within the soil specimen Au is equal to the
final minus the initial pore water pressure, or Au = U= U, The B value is calculated as the change in
pore water pressure divided by the change in cell pressure, or B value = Au/AG,. The B value should
be close to 1.0.

A large increase in Au with time or a value of Au greater than Ac, usually indicates a leak of cham-
ber fluid into the soil specimen. A decreasing value of Au with time can indicate a leak in the pore
water measurement system or a defective pore water pressure transducer.

After the B value has been checked, the chamber pressure is returned to its original pressure, i.e.,
return the chamber pressure to the same pressure that existed just prior to the B value check. Then
the valve that leads to the drainage measurement system and the back pressure system is opened and
the soil specimen is allowed to equilibrate.

9. Loading device. The triaxial chamber containing the soil specimen is placed in the loading
apparatus. Figure 3.21 shows the triaxial chamber in the loading apparatus and ready for testing.
Since this is an undrained triaxial test, just prior to shearing, the valve to the drainage measurement
system and back pressure system is closed. Once the valve has been closed, the back pressure can be
reduced to zero pressure. For the undrained condition, the soil specimen is sheared without allowing
water to enter or leave the soil specimen. Thus, during undrained shearing, the water content of the
soil specimen is not allowed to change. The pore water pressures are monitored during the shearing
portion of the triaxial test, which is why this test is known as a “consolidated undrained triaxial com-
pression test with pore water pressure measurements.”

10. Shearing the soil specimen. After the completion of Step 9, the next step is to apply a load
to the loading piston so that it just slowly moves down and barely comes in contact with the specimen
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FIGURE 3.25 Saturation has been achieved of the pore water pressure and drainage measurement system, and of the soil specimen
itself. The soil specimen is in the process of being consolidated at the effective confining pressure for which the shear strength will be

determined.

cap. A load on the piston is required to overcome the upward thrust due to the chamber pressure and
any piston friction induced by the ball bushings. The load-measuring device (such as the LVDT) can
be adjusted to compensate for the chamber pressure thrust and piston friction. The loading piston
should fit snugly into the indentation located at the top of the specimen cap.

Using the controlled strain loading apparatus, the soil specimen is sheared at a relatively constant
rate of strain. The soil specimen should be sheared slow enough so that the excess pore water pres-
sures are able to equalize throughout the soil specimen during the undrained shearing. The triaxial
test is typically sheared at a strain rate of 0.5 percent axial strain per hour. Since the usual procedure
is to shear the soil specimen to an axial strain of at least 15 percent, the shearing portion of the tri-
axial test should take at least 30 hours. ASTM D 4767-02 (2004) provides an alternate determina-
tion of the strain rate based on £, i.e., the time for 50 percent consolidation based on burette readings
and using the log-of-time method.

11. Recording of shear test data. During the shearing of the soil specimen, the data can be recorded
manually in tabular form. Some laboratories have equipment that electronically records the time, ver-
tical load, vertical deformation, and pore water pressure during the shearing portion of the test.

12. Failure of the soil specimen. There are two different definitions of failure. The first definition
of failure is based on total stresses where the shear failure of the soil specimen is considered to be the
value of the maximum principal total stress difference (i.e., the maximum deviatoric pressure, or max-
imum value of 6, — 0;). Since the minor principal total stress o, never changes during the triaxial com-
pression test, the maximum principal total stress difference also corresponds to the maximum vertical
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total pressure that the cohesive soil specimen can sustain. Thus failure could be said to occur at the
maximum vertical total pressure (maximum ©,) that the soil specimen is able to sustain. If the highest
value of o, occurs after 15 percent axial strain, then o, corresponding to 15 percent axial strain should
be considered to be the failure condition.

The second definition of failure is based on effective stresses. Similar to the earlier definition,
failure could be assumed to occur at the maximum deviatoric effective stress (i.e., maximum value
of o', — &’,). However, a more commonly used definition is that failure occurs at the maximum effec-
tive stress obliquity, or in other words, the maximum value of ¢,/0’,.

13. Removing the soil specimen. The shearing portion of the triaxial test is complete once the
soil specimen has reached 15 percent axial strain. The controlled strain loading apparatus is turned
off and the axial load is removed from the soil specimen. Then the chamber pressure is reduced to
zero and the chamber fluid is drained from the triaxial chamber. The triaxial apparatus is then dis-
assembled and the O-rings and rubber membrane are removed from the soil specimen. Figure 3.26
shows the soil specimen after the O-rings and rubber membrane have been removed. The type of fail-
ure for this cohesive soil specimen was a bulge type failure.

14. Index properties at the end of test. The final step is to determine the water content of the
soil specimen (see Sec. 3.2.1). The filter paper strips are first removed and any free water remaining
on the soil specimen is blotted away. Often the entire cylindrical soil specimen is used for the water
content test. When placing the soil specimen in the container for the water content test, it should be
broken apart to determine if there are any large size particles within the soil specimen. Large size
particles may restrict the shear of the soil specimen and lead to an overestimation of the in situ shear
strength of the soil. If large particles are noted, the triaxial shear test may have to be repeated on a
larger or different soil specimen.

FIGURE 3.26 Bulge-type failure condition of the soil specimen.
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As previously mentioned, a bulge type shear failure of the cohesive soil can occur such as shown
in Fig. 3.26. This is often the type of failure condition for soft cohesive soils. In other cases, there
may be an actual shear failure of the soil specimen along an inclined shear surface.

In order to determine the shear strength parameters of the cohesive soil, usually at least three soil
specimens are sheared at different effective confining pressures. It is important that the range in
effective confining pressures used during the triaxial testing is approximately the same as the range
in pressure applicable for the field conditions.

For further test details, see ASTM D 4767-02 (2004) “Standard Test Method for Consolidated
Undrained Triaxial Compression Test for Cohesive Soils.”

Mohr Circle, Stress Paths, and Pore Pressure Parameters. Prior to presenting the calculations for
the determination of the shear strength from the triaxial test, an understanding of the Mohr circle,
stress paths, and the pore water pressure parameters A and B is required.

Mohr Circle. The results of a triaxial test can be graphically represented by the Mohr circle, which
is illustrated in Fig. 3.27. The upper diagram in Fig. 3.27 shows that the vertical total stress acting
on the soil is the major principal total stress 0, and that the horizontal total stress acting on the soil
is the minor principal total stress o,. This orientation of principal stresses is the same orientation of
principal stresses as applied in the laboratory triaxial compression test.

In geotechnical engineering, compressive stresses are considered to be positive. As previously
mentioned, in the triaxial compression test, the vertical total stress at failure is the major principal total
stress 0, and is equal to the cell pressure plus the vertical load from the piston divided by the area of
the specimen (using an area correction). The horizontal total stress is the minor principal total stress
0, and is equal to the cell pressure. By knowing the major ¢, and minor o principal total stresses at
fallure a Mohr circle can be drawn such as shown in Fig. 3. 27 The major prmmpal total stress minus
the minor principal total stress (i.e., 0, — 0,) is referred to as the deviatoric pressure, deviator stress,
or stress difference. The maximum shear stress 7 is equal to one-half the deviatoric pressure and
equals the radius of the Mohr circle. In geotechnical engineering, usually only the upper half of the
Mohr circle is used in the analysis. Although principal total stresses are shown in Fig. 3.27, the Mohr
circle could also be plotted in terms of effective stresses, i.e., major principal effective stress o”, and
the minor principal effective stress o”.

Stress Path. A stress path is defined as a series of stress points that are connected together to form
a line or curve. Figures 3.28 and 3.29 illustrate the construction of a stress path for a triaxial com-
pression test. The state of stress for the triaxial test starts at Point A where the cohesive specimen is
subjected to isotropic compression (i.e., 0, = 0,= 0;). Then during the shearing of the soil specimen
as it is axially loaded, o, increases while 0' remalne constant. This results in a series of ever larger
Mohr circles such as shown in Fig. 3.28. Mohr circle E represents stress conditions at failure.

Instead of drawing a series of Mohr circles to represent the change in stress during the triaxial
shear test, a stress path can be drawn as shown in Fig. 3.29. The peak point of each Mohr circle (i.e.,
points A, B, C, D, and E) are used to draw the stress path on a p-q plot. The peak point of each Mohr
circle is defined as:

In terms of total stresses:

_0,+0; and o,—0,
p > q > (3.15)
In terms of effective stresses
, O/ +0] o] —0;
p== * and  g= = : (3.16)

Note that p represents the center of the Mohr circle and ¢ is the radius of the Mohr circle. For a
given stress state defined by o,, 0,, and u, the value of ¢ is the same for Egs. 3.15 and 3.16. The shear
strength parameters from the conventional plot (Fig. 3.28) are related to the shear strength parame-
ters from the p-g plot (Fig. 3.29) by the following relationships:
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FIGURE 3.27 Mohr circle. Upper diagram shows the definition of terms and
the lower diagram shows the graphical construction of Mohr circle. The equations
for the calculation of normal stress 0, and shear stress 7, on a given plane are also
indicated in this figure. (Adapted from Lambe and Whitman, 1969.)
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FIGURE 3.28 Series of Mohr circles representing the state of stress during a triaxial compression test
(Mohr circle E represents the Mohr circle at failure). Figure 3.29 shows the stress path for these Mohr circles.
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FIGURE 3.29 Peak point of the Mohr circles from Fig. 3.28 connected together to form a stress path.
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In terms of total stresses:
sin ¢ =tan & and ccosg=a (3.17)
In terms of effective stresses:
sin ¢’=tan "  and ¢ cos ¢’=d’ (3.18)

The stress path shown in Fig. 3.29 can be based on the principal total stresses acting on the soil
specimen and this is known as a “total stress path.” Total stress paths are used to determine the shear
strength parameters in terms of total stresses (i.e., ¢ and ¢) by using Eq. 3.17. A stress path can also
be based on effective stresses, and this is known as an effective stress path. In order to draw an effec-
tive stress path, the pore water pressure during the shearing of the soil specimen must be measured,
such as by using an electronic pressure transducer. Effective stress paths are used to determine the
shear strength parameters in terms of effective stresses (¢’ and ¢”) by using Eq. 3.18.

Pore Water Pressure Parameters A and B. The Skempton (1954) pore water pressure parameters
relate the change in total stresses for an undrained loading. For an undrained triaxial test, the general
expression is as follows:

Au=B[Ao, +A (Ao, - Aoy)] (3.19)

where Au = change in pore water pressure generated during undrained shear (psf or kPa)
Ao, = change in major principal total stress during undrained shear (psf or kPa)
Ao, = change in minor principal total stress during undrained shear (psf or kPa)
A, B = Skempton pore water pressure coefficients (dimensionless)

When performing a triaxial compression test on a saturated cohesive soil, the B value should be
determined prior to shearing of the soil specimen. The process consists of preventing drainage of the
cohesive soil and then applying a confining pressure (Ac,) to the specimen by increasing the cell
pressure. In this case, Ao, = Ao, = Ao, and Eq. 3.19 reduces to:

Au
B=
Ac, (3.20)

Based on the increase in confining pressure (Ao, = Ao;) and by measuring the increase in pore
water pressure Au during application of the confining pressure, the B value can be calculated from
Eq. 3.20.

Table 3.5 lists values of measured B values for various types of clay. If the clay is saturated (S = 100
percent), the B value is essentially equal to 1.0. These data show that a stress applied to a saturated

TABLE 3.5 B Values for Various Clays

Types of soil Degree of saturation % B value
London clay (OC) 100 0.9981
London clay (NC) 100 0.9998
Vicksburg clay 100 0.9990
Kawasaki clay 100 0.999
Boulder clay 93 0.69
Boulder clay 87 0.33
Boulder clay 76 0.10

Note: OC = overconsolidated clay, NC = normally consolidated clay.
Source: Skempton (1954, 1961) and Lambe and Whitman (1969).
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cohesive soil will be carried by an increase in pore water pressure and not the soil particle skeleton
(i.e., Au = Ac,). The measurement of the B value on saturated clay is confirmation that the shear
strength of a saturated soil can not increase unless the effective stress of the soil first increases. A back
pressure is used to achieve saturation prior to the consolidation and shearing of the soil specimen.
The back pressure is defined as the pressure applied to the specimen pore water to cause any air in
the pore space to compress and to pass into solution in the pore water thereby resulting in saturation
of the soil specimen.

As indicated in Table 3.5, if the soil is not saturated, the B value is less than 1.0. The lower the
degree of saturation, the lower the B value. Thus the lower the degree of saturation, the greater the
portion of the load that will be immediately carried by the soil particle skeleton. In the case of a com-
pletely dry soil (S = 0 percent), the B value is zero and all of the load will be immediately carried by
the soil particle skeleton.

While the B value is calculated before the triaxial shearing part of the test is performed, the A
value is calculated during the actual shearing of the cohesive soil specimen. For the triaxial com-
pression test, the confining pressure is held constant throughout shearing (i.e., Ao, = 0), and if the
degree of saturation is 100 percent (B = 1.0), then Eq. 3.19 reduces to the following:

_ Au

A=—2
Ao, (3.21)

Based on triaxial compression tests and using Eq. 3.21, Skempton and Bjerrum (1957) provided
typical A values at failure for various cohesive soils, as follows:

Very sensitive soft clay A value at failure is greater than 1
Normally consolidated clay A value at failure is 0.5-1
Overconsolidated clay A value at failure is 0.25-0.5
Heavily overconsolidated clay A value at failure is 0-0.25

The reason for high A values for very soft sensitive clay and normally consolidated clay is due to
contraction of the soil structure during shear, and because it is an undrained loading, positive pore
water pressures will develop. The reason for zero or even negative A values for highly overconsoli-
dated soil is due to dilation of the soil structure during shear, and because it is an undrained loading,
negative pore water pressures will develop. The A value can indicate a normally consolidated soil
versus a heavily overconsolidated soil.

Calculations. This part describes the calculations needed for the determination of the shear
strength of cohesive soil. The calculations are for the triaxial test previously described, i.e., the con-
solidated undrained triaxial compression test with pore water pressure measurements.

Figure 3.30 presents actual laboratory test data, which were derived from the laboratory tri-
axial tests shown in Figs. 3.22 to 3.26. The soil specimen that was tested in the triaxial appara-
tus was classified as a silty clay of high plasticity (CH), having a liquid limit = 56 and a plasticity
index = 41. The undisturbed soil specimen was obtained from a natural clay deposit, described
as a dark brown silty clay, in a wet condition, and having a soft to medium consistency. The silty
clay specimen was first saturated in the triaxial apparatus by using a back pressure equal to 85.9 psi
(592 kPa). Then the soil specimen was allowed to consolidate under an effective confining pres-
sure of 7.0 psi (48 kPa).

Just prior to starting the undrained shearing part of the triaxial test, the vertical dial indicator was
reset so that it directly recorded the axial deformation and hence the values listed in Columns 1 and
2 are identical in Part e, Fig. 3.30. Also, the load cell was adjusted to compensate for the chamber
pressure thrust and piston friction and thus directly measures the load (pounds) applied to the top of
the soil specimen. Since the load cell directly measures the load applied to the top of the soil speci-
men, no conversion factor was required (i.e., the values listed in Columns 5 and 6 are identical in
Part e, Fig. 3.30).
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File no. 8316-03

Sample location: TP-1 at 6-7 ft

(a) Initial conditions of soil specimen

Diameter (Dy): 2.493 in.

Water content: 23.2%

(b) Consolidation data

Initial dial reading: 1.2277 in.

Height (Hj): 7.340 in.

Total unit weight: 116.7 pcf

Job name: TV Project

Date: 12-15-99

Initial volume (Vj): 35.83 in.3

Dry unit weight: 94.7 pcf

Initial burette reading: 1.50 in.3

Effective confining Change in volume
pressure, Burette reading, (AV) of soil specimen, Volumetric strain
psi in.3 in.3 AV/IVy
3.5 1.47 0.03 0.08
7.0 1.40 0.10 0.28
(c) Burette readings versus time at effective confining pressure (¢',) = 7.0 psi
Burette Burette Burette
Time, min reading Time, min reading Time, h reading
0 1.47 2 — 1 1.43
0.10 1.47 4 1.46 2 1.42
0.25 1.47 8 1.45 4 1.41
0.5 1.47 15 — 8 1.40
1 1.47 30 1.44 24 1.40
(d) B value check:
uy = 85.9 psi ur=96.0 psi Au = up—ug=10.1 psi
0. = 92.9 psi o= 103.1 psi B value = Au/ Ao, =0.99

FIGURE 3.30 Laboratory test data: consolidated undrained triaxial compression test with pore water pressure measurements.
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The data recorded during the triaxial shearing include the dial reading corresponding to the axial
deformation (Column 1, Part e, Fig. 3.30), the axial load as recorded by the load cell (Column 5, Part
e, Fig. 3.30), and the pore water pressure (Column 8, Part e, Fig. 3.30). Prior to completing the shear
test data (Part e), the following items must first be calculated:

Preshear Height of the Soil Specimen (H). The preshear height H_of the soil specimen is calcu-
lated as the initial specimen height H minus the change in dial readings A, or:

H =H - Ah (3.22)

where H = preshear height of the soil specimen (in. or m)
H = initial height of the soil specimen (in. or m). This value is obtained from Part a of
Fig. 3.30.
Ah = change in height of the soil specimen caused by the consolidation process (in. or m).
The change in height of the soil specimen is calculated as the difference between the
initial dial reading (from Part b, Fig. 3.30) and the preshear dial reading (d, from Part e,
Fig. 3.30).

Preshear Volume of the Soil Specimen V. The preshear volume V| of the soil specimen is calcu-
lated as the initial specimen volume V, minus the change in burette readings AV, or:

V.=V —AV (3.23)

where V, = preshear volume of the soil specimen (in.? or m?)
V_ = initial volume of the soil specimen (in.? or m?). This value is obtained from Part a of
Fig. 3.30.
AV = change in volume of the soil specimen caused by the consolidation process (in.* or m?).
The change in volume of the soil specimen is calculated as the difference between the
initial burette reading (from Part b, Fig. 3.30) and the final end of consolidation burette
reading (from Part ¢, Fig. 3.30).

Preshear Area of the Soil Specimen A. By knowing the preshear height of the soil specimen H
and the preshear volume of the soil specimen V, the preshear area can be calculated as the volume
divided by the height, or A =V /H..

Preshear Cell Pressure c, and Pore Water Pressure u. In Part e of Fig. 3.30, the preshear cell
pressure and the preshear pore water pressure are also recorded. The preshear cell pressure o, must
be identical to the highest chamber fluid pressure that the soil specimen was consolidated under. The
preshear pore water pressure u  should be approximately equal to the back pressure. The shearing
portion consists of an undrained loading and thus just prior to shearing, the valve to the drainage
measurement system and back pressure system is closed. But since the soil specimen should have
been allowed to completely consolidate under the final effective confining pressure, there should be
no change in pore water pressure within the soil specimen when the valve to the drainage measure-
ment system and back pressure system is closed.

The shear test data table (i.e., see Part e, Fig. 3.30) has been divided into five different parts. Each
part is individually discussed later:

1. Axial deformation data. During the shearing process, dial readings are taken that monitor the axial
deformation of the soil specimen. These dial readings are recorded in Column 1, Part e, Fig. 3.30. If the
initial dial reading is not zero, then the change in height of the soil specimen during the shearing
process is defined as AH and is equal to the difference in the recorded dial reading and the initial
dial reading.

The axial strain € is calculated as the change in dial readings divided by the preshear height of the
soil specimen, or € = AH/H . These calculations are listed in Column 3, Part e, Fig. 3.30 and the axial
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strain has been expressed as a percentage. As the soil specimen deforms during shearing, the height
of the soil specimen decreases. But because it is an undrained triaxial test, the volume of the soil spec-
imen does not change. It is common to assume that during shearing, the soil specimen retains its cylin-
drical shape, but this is often not the case as shown by the shear failure condition in Fig. 3.26.
Nevertheless, assuming the soil specimen retains its cylindrical form during shearing, the corrected
area A of the soil specimen is calculated as follows:

A =" (3.24)

where A= corrected area of the soil specimen (in.? or m?)
A, = preshear area of the soil specimen (in.? or m?)
€ = axial strain expressed in decimal form (dimensionless)

The corrected area determined from Eq. 3.24 is listed in Column 4, Part e, Fig. 3.30. During the
triaxial shearing of the soil specimen, an axial load is induced by the piston to the top of the soil
specimen. This axial load is measured by using either a load cell or proving ring. The data are listed
in Column 5, Part e, Fig. 3.30. In this case, the load cell directly records the axial load. In other cases,
such as for a proving ring, the data will need to be converted in order to obtain the axial load.

The major principal total stress o, is equal to the vertical total stress o,. As defined by Eq. 3.11,
the vertical total stress o, is equal to the chamber fluid pressure o, plus the axial load induced by the
piston P divided by the corrected area of the specimen A . The calculations using Eq. 3.11 are listed
in Column 7, Part e, Fig. 3.30. During the triaxial shearing of the soil specimen, it is possible that
the filter paper strips and rubber membrane can offer some resistance to the axial load. Thus the ver-
tical total stress acting on the soil specimen may need to be reduced to account for the axial resis-
tance of the filter paper strips and rubber membrane. ASTM recommends that a correction for filter
paper strips and the rubber membrane be applied only if the resistance exceeds 5 percent of the devi-
atoric pressure. As a practical matter, the axial resistance of the filter paper strips and rubber mem-
brane can be neglected. However, in the case of very soft cohesive soils, these corrections may need
to be included (see ASTM D 4767-02, 2004, for correction equations).

2. Pore water pressure data. During the triaxial shearing, the pore water pressure (u) in the soil
specimen is measured by an electronic pressure transducer. The soil specimen is sheared slow
enough so that the excess pore water pressures are able to equalize within the soil specimen. Because
both the soil specimen and the pore water pressure measurement system are saturated, there is a
transfer of fluid pressure from the soil specimen, through the connecting tube, and to the transducer.
The pore water pressures are listed in Column 8, Part e, Fig. 3.30.

The major principal effective stress ¢’ and the minor principal effective stress ¢”, are calculat-
ed by using Egs. 3.13 and 3.14. For Eq. 3.13, the minor principal total stress o, is equal to the cell
pressure 0.

3. Failure. The failure of the soil specimen can be based on total stresses or effective stresses.
For total stresses, failure is defined as the maximum value of the deviatoric pressure (i.e., maximum
value of o, — 7). For effective stresses, failure is defined as the maximum effective stress obliquity,
i.e., the maximum value of ¢”,/0”,.

4. Stress paths and A value. The final columns in Part e, Fig. 3.30 are used to list various para-
meters that are used to plot the stress paths and determine the A value.
For the analysis of the laboratory data, usually several different plots are prepared, as follows:

Axial strain versus pore water pressure. Figure 3.31 shows a plot of the axial strain € versus the
excess pore water pressure u, generated during the shearing of the soil specimen. The axial strain
€ was obtained from Column 3, Part ¢, Fig. 3.30, and the excess pore water pressure u, was cal-
culated by subtracting the back pressure (85.9 psi) from the pore water pressure u values listed in
Column 8, Part e, Fig. 3.30. The excess pore water pressures initially increase, but then decrease
once the axial strain reaches about 4 percent.
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FIGURE 3.31 Axial strain versus excess pore water pressure for laboratory test data in Fig. 3.30.

Axial strain versus deviatoric pressure. Figure 3.32 shows a plot of the axial strain € versus the
deviatoric pressure (0, — 0,) generated during the shearing of the soil specimen. This plot is also
commonly referred to as a stress-strain plot. The axial strain € was obtained from Column 3, Part e,
Fig. 3.30, and the deviatoric pressure represents the failure condition based on a total stress analy-
sis and the values are listed in Column 11, Part e, Fig. 3.30. In terms of failure based on a total
stress analysis, the maximum deviatoric pressure (i.e., maximum o, — 0,) is equal to 16.01 psi,
which occurs at an axial strain of 12.28 percent. Thus in terms of a total stress analysis, the shear
strength is mobilized at an axial strain of 12.28 percent.

Axial strain versus effective stress obliquity. Figure 3.33 shows a plot of the axial strain € ver-
sus the effective stress obliquity (6”,/0”,) generated during the shearing of the soil specimen. The
axial strain € was obtained from Column 3, Part e, Fig. 3.30, and the effective stress obliquity rep-
resents the failure condition based on an effective stress analysis and the values are listed in
Column 12, Part e, Fig. 3.30. In terms of failure based on an effective stress analysis, the maximum
effective stress obliquity (i.e., maximum ¢’,/c”,) is equal to 5.504, which occurs at an axial strain
of 4.09 percent. For the effective stress analysis, the shear strength is mobilized at an axial strain of
4.09 percent.

Effective stress path. Figure 3.34 shows the effective stress path, which is a plot of p” (Column
14, Part e, Fig. 3.30) versus ¢g (Column 15, Part e, Fig. 3.30). The values of p” and ¢ were calcu-
lated by using Eq. 3.16. The solid circle in Fig. 3.34 indicates the failure condition of the soil spec-
imen in terms of the maximum effective stress obliquity (i.e., maximum value of ¢’/c”,). The
shear strength failure envelope must pass through this point. It has been observed that for contin-
ued strain after the maximum effective stress obliquity, that the effective stress path tends to
progress along the shear strength envelope. In other words, the soil specimen continues to mobi-
lize its shear strength with further straining beyond maximum obliquity. Thus the failure envelope
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FIGURE 3.33 Axial strain versus effective stress obliquity for laboratory test data in Fig. 3.30.
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FIGURE 3.34 Effective stress path for laboratory test data in Fig. 3.30.

in Fig. 3.34 has been drawn through the data point corresponding to maximum effective stress
obliquity as well as the data points representing axial strain beyond maximum obliquity.

The inclination of the straight line in Fig. 3.34 is defined as the angle ¢’ and the intersection
of the straight line on the vertical axis is defined as a’. For the straight line shown in Fig. 3.34,
o =24° and a’ = 2.5 psi (17 kPa). Using Eq. 3.18, the effective shear strength parameters can be
calculated and they are ¢" = 26° and ¢’ = 2.8 psi (19 kPa).

A Values. The last column in Part e, Fig. 3.30 presents the A values (calculated by using Eq. 3.21).
At the maximum value of the effective stress obliquity, the A value is 0.279. Based on this A value,
this clay when tested at an effective confining pressure of 7.0 psi (48 kPa) is considered to be an over-
consolidated clay. The effective shear strength parameters determined for this test (i.e., ¢’ = 26° and
¢’ = 2.8 psi) are indicative of an overconsolidated clay.

3.5.3 Unconfined Compression Test

The undrained shear strength has been introduced in Sec. 2.4.4, where it was discussed that the
undrained shear strength s, can be obtained from the vane shear test (VST) or by using a miniature
vane. As the name implies, the undrained shear strength s, refers to a shear condition where water
does not enter or leave the cohesive soil during the shearing process. In essence, the water content
of the soil must remain constant during the shearing process. There are many projects where the
undrained shear strength is used in the design analysis. In general, these field situations must involve
loading or unloading of the cohesive soil at a rate that is much faster than the shear induced pore
water pressures can dissipate.

During rapid loading of saturated cohesive soils, the shear induced pore water pressures can only
dissipate by the flow of water into (negative shear induced pore water pressures) or out of (positive
shear induced pore water pressures) the soil. Cohesive soil has a low permeability, and if the load is
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applied quick enough, there will not be enough time for water to enter or leave the cohesive soil. For
such a quick loading condition of a saturated cohesive soil, the undrained shear strength s, should be
used in the analysis.

Besides the VST, another type of test that can be used to determine the undrained shear strength
is the unconfined compression test. The unconfined compression test is a very simple type of test that
consists of applying a vertical compressive pressure to a cylinder of laterally unconfined cohesive
soil. The unconfined compression test is also known as a simple compression test.

The unconfined compression test is most frequently performed on cohesive soils that are in a sat-
urated condition, such as soil obtained from below the groundwater table. Because the soil specimen
is laterally unconfined during testing (i.e., no lateral confining pressure), the soil specimen must be
able to retain its plasticity during the application of the vertical pressure. In addition, the soil must not
expel water (known as bleed water) during the compression test. For these reasons, the unconfined
compression test is most frequently performed on saturated clays. Soils that tend to crumble, fall
apart, or bleed water during the application of the vertical pressure should not be tested. Examples
include fissured or varved clays, silts, peat, and all types of granular soils.

The test procedures for the unconfined compression test are as follows:

Soil Specimen. An undisturbed soil specimen must be used for the unconfined compression test.
The test is most frequently performed on saturated clays that retain their plasticity and do not bleed
water during loading. The soil specimen must have a minimum diameter of 1.3 in. (33 mm) and the
specimen height divided by the specimen diameter should be between 2 and 2.5. The trimming
process should be performed as quick as possible to minimize the possibility of a change in water
content of the cohesive soil. Often the soil specimen will be simply extruded from a Shelby tube and
then the top and bottom of the specimen are trimmed flush. The top and bottom of the soil specimen
must be trimmed so that they are perpendicular to the longitudinal axis of the specimen. In this case
where the soil sample is extruded from a sampling tube, the initial diameter of the soil specimen is
equal to the inside diameter of the sampling tube.

Loading Device. The triaxial apparatus can be used as the loading device. In this sense, the uncon-
fined compression test could be considered to be a special form of the triaxial test. Besides the tri-
axial apparatus, there are other types of loading devices that can accurately measure the vertical load
applied to the soil specimen and record the vertical deformation during shearing. Examples include
compression devices having a screw-jack activated load yoke or a hydraulic loading mechanism. The
equipment must be capable of loading the soil specimen at a constant rate of strain.

Shearing the Soil Specimen. The cylindrical soil specimen is placed in the loading apparatus so
that it is centered on the bottom platen. It is important to carefully handle the soil specimen in order
to minimize disturbance and prevent a change in cross section. The loading device is then adjusted
so that the upper platen just makes contact with the top of the soil specimen. The dial gauge that mea-
sures the vertical deformation is then read or set to zero. Throughout the test, the soil specimen is
unconfined in the horizontal direction.

Apply a Vertical Load to the Top of the Soil Specimen. The soil specimen is typically sheared in a
controlled strain apparatus at a strain rate of 0.5 to 2 percent axial strain per min. Since the usual pro-
cedure is to shear the soil specimen to an axial strain of 15 percent, the shearing portion of the test
could take between 7.5 to 30 min. However, ASTM D 2166-00 (2004) recommends that the strain rate
be chosen so that the time to failure (i.e., maximum o,) does not exceed 15 min. Softer cohesive soils
will need a larger deformation to reach failure and should be tested at the higher strain rate. Stiff cohe-
sive soils will need less deformation to reach failure and should be tested at the lower rate of strain.

Failure of the Soil Specimen. For the unconfined compression test, failure is based on total stresses
and occurs at the maximum principal total stress difference (i.e., the maximum deviatoric pressure, or
maximum value of 0, — 0,). Since the minor principal total stress o, is equal to zero during the entire
test procedure, failure corresponds to the maximum value of o, which is equal to the maximum ver-
tical total pressure (maximum o)) that the cohesive soil specimen can sustain. If the highest value of
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o, occurs after 15 percent axial strain, then ¢, corresponding to 15 percent axial strain should be con-
sidered to be the failure condition.

Similar to the triaxial test, the change in height of the soil specimen during the shearing process
is defined as AH and is equal to the difference in the recorded dial reading and the initial dial read-
ing. The axial strain € is calculated as the change in dial readings divided by the initial height of the
soil specimen, or € = AH/H . As the soil specimen deforms during shearing, the height of the soil
specimen decreases. But because it is an undrained triaxial test, the volume of the soil specimen does
not change. It is common to assume that during shearing, the soil specimen retains its cylindrical
shape and the corrected area A of the soil specimen is calculated using Eq. 3.24.

The axial load during shearing is measured by using either a load cell or proving ring. The major
principal total stress o, is equal to the vertical total stress o,. The vertical total stress o, is equal to
the axial load P divided by the corrected area of the specimen (A ), or:

0,=0,=PIA, (3.25)

Shear failure for a total stress analysis is defined as the highest value of the vertical total stress
(i.e., maximum value of o). This highest value of ¢ is typically designated g, and is known as the
unconfined compressive strength. A Mohr circle in terms of total stresses could be drawn for the
unconfined compression test. Since the lateral pressure is zero (i.e., no confining pressure), the minor
principal total stress o, is equal to zero. The major principal total stress o, at failure is equal to the
highest value of the vertical stress (i.e., maximum value of o)) which is designated as g,. Thus the
Mohr circle in terms of total stresses would have o, =0 and o, = q,.

For the unconfined compression test, the shear strength is defined as the peak point on the Mohr
circle, which is equal to the maximum shear stress 7_ . The maximum shear stress is equal to the

max®
radius of the Mohr circle and thus the undrained shear strength s, is equal to:

s,=7..=q/2 (3.26)
where s, = undrained shear strength of the cohesive soil (psf or kPa)
T .. = maximum shear stress (psf or kPa) that the soil can withstand, which for this total stress
analysis is assumed to be equal to the undrained shear strength
q, = unconfined compressive strength of the soil (psf or kPa). The unconfined compressive
strength of the soil is equal to the highest value of o,

A limitation of the unconfined compression test is the definition of the undrained shear strength
s, which is assumed to be equal to the maximum shear stress (i.e., s, = 7, ). Using the Mohr circle
(Fig. 3.27), the failure plane should always be inclined at an angle 0 equal to 45°. But if a failure
plane does develop during shear, it usually develops at an angle of inclination that is greater than 45°.
Thus the actual undrained shear strength along the failure surface is less than 7 and once again s,
could be overestimated.

Even with this limitation, the unconfined compression test is a popular shear strength test. Its
popularity is due to the fact that it is one of the quickest and simplest laboratory tests used to mea-
sure the shear strength of cohesive soil. In addition, the unconfined compression test has the advan-
tage that the failure surface will tend to develop in the weakest portion of the cohesive soil. In
contrast, the VST forces the cohesive soil to shear along vertical and horizontal surfaces, which may
not be the weakest surfaces.

For further details on the unconfined compression test, see ASTM D 2166-00 (2004), “Standard
Test Method for Unconfined Compressive Strength of Cohesive Soil.”

3.5.4 Unconsolidated Undrained Triaxial Compression Test

An alternate approach to determining the undrained shear strength s, of the cohesive soil is to
obtain the undrained shear strength in terms of the total shear strength parameters (¢ and ¢). The
usual process is to perform triaxial compression tests on specimens of the cohesive soil. The shear
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strength 7, of cohesive soil for a total stress analysis can be expressed as follows (Mohr-Coulomb
failure law):

T,

;= ¢+ 0, tan ) (3.27)

where 7= shear strength of the soil (psf or kPa)
¢ = cohesion based on a total stress analysis (psf or kPa)
0, = total normal stress acting on the shear surface (psf or kPa)
¢ = friction angle based on a total stress analysis (degrees)

Equation 3.27 is identical to Eq. 3.9, except that one equation is expressed in terms of effective
stress (Eq. 3.9) and the other is expressed in terms of total stress (Eq. 3.27).

As previously mentioned, the unconsolidated undrained triaxial compression test is rarely used
in engineering practice. It is more common to either use the undrained shear strength s, from uncon-
fined compression tests or vane shear tests, or to use the shear strength parameters (c and ¢) from
consolidated undrained triaxial compression tests.

The unconsolidated undrained triaxial compression test specifications are presented in ASTM D
2850-03 (2004), “Standard Test Method for Unconsolidated-Undrained Triaxial Compression Test
on Cohesive Soils.” The test procedure consists of placing the cylindrical specimen of cohesive soil
in the center of the triaxial apparatus, sealing the soil specimen in a rubber membrane, and then sub-
jecting the soil specimen to a confining pressure without allowing it to have a change in water con-
tent at any time during the triaxial testing. The soil is sheared in the triaxial apparatus by increasing
the vertical stress on the soil specimen.

Figure 3.35 shows the results of four unconsolidated undrained triaxial compression tests (ASTM
D 2850-03, 2004) performed on a cohesive soil (LL = 64, PI = 33) having a dry unit weight y, =70 pcf
(11.0 kN/m?), a water content w = 49.3 percent, and a degree of saturation (S) = 95 percent. Plots of
the deviatoric pressure versus axial strain for these four tests are also shown on the left side of Fig. 3.35.
The stress-strain plots shown on the left side of Fig. 3.35 do not have a peak point and are indicative
of normally consolidated (OCR = 1) clays.

The middle plot in Fig. 3.35 shows the Mohr circles at failure for the four triaxial tests. These
four triaxial tests are labeled 1 through 4 in Fig. 3.35 and the data are summarized below:

Test 1. Confining pressure = 0 (hence this is identical to an unconfined compression test). The
vertical total stress at failure ¢, = 2.87 psi (19.8 kPa). Thus the Mohr circle drawn in Fig. 3.35
has o, = 2.87 psi, 0, =0, and a radius of 1.44 psi.

Test 2. Confining pressure = 1.70 psi. The vertical total stress at failure o, = 5.87 psi (40.5 kPa).
Thus the Mohr circle drawn in Fig. 3.35 has o, = 5.87 psi, 0, = 1.70 psi, and a radius of 2.1 psi.

Test 3. Confining pressure = 3.50 psi. The vertical total stress at failure o, =7.72 psi (53.2 kPa).
Thus the Mohr circle drawn in Fig. 3.35 has o, =7.72 psi, 0, = 3.50 psi, and a radius of 2.1 psi.

Test4. Confining pressure = 6.90 psi. The vertical total stress at failure o, = 10.93 psi (75.4 kPa).
Thus the Mohr circle drawn in Fig. 3.35 has o, = 10.93 psi, o, = 6.90 psi, and a radius of 2.0 psi.

For Test 1, the undrained shear strength s, which is the peak of the Mohr circle, is equal to 1.44 psi
(9.9 kPa). Test 2 has a higher shear strength of 2.1 psi (14.5 kPa). This higher shear strength for test 2
can be attributed to the slight compression of the clay when a confining pressure of 1.70 psi (11.7 kPa)
was applied to the soil specimen. Initially, the soil specimen was not saturated (S = 95 percent), but the
confining pressure compressed the clay and created a saturated condition for Tests 2 through 4.

Tests 2 through 4 have essentially the same shear strength (peak point on the Mohr circle). The
reason is because the increased cell pressure for tests 3 and 4 did not densify the soil specimen, but
rather only increased the pore water pressure of the clay specimens. In essence, the effective stress
did not change for tests 2 through 4 and thus the shear strength could not increase. This is an impor-
tant concept in geotechnical engineering, that the shear strength of saturated soil can not increase
unless the effective stress of the soil first increases.
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For the plot on the right side Fig. 3.35, the failure envelope has been drawn for tests 2 through 4.
Using Eq. 3.27 (Mohr-Coulomb failure law), the total stress parameters are ¢ = 0 and ¢ = 2.1 psi
(14.5 kPa). These types of shear strength results have been termed the “¢ = 0 concept.” It is impor-
tant to recognize that this concept does not say that the clay has zero frictional resistance (i.e., ¢ =
0). Instead, this concept is indicating that there is no shear strength increase in the saturated clay for
the condition of a rapidly applied load. The saturated clay must first consolidate (flow of water from
the clay) before it can increase its shear strength.

An example of the use of the shear strength data shown in Fig. 3.35 would a quick loading con-
dition. Examples are the fast construction of a building or embankment fill on top of this clay.
Because the construction is quick, there would be no drainage (i.e., consolidation) of the clay dur-
ing construction. The most common method to model this quick loading condition would be to use
the undrained shear strength s from tests described in Sec. 3.5.3. However, as an alternative, it would
be appropriate to use the undrained shear strength parameters from Fig. 3.35, i.e., =0 and ¢ = 2.1 psi
(14.5 kPa).

3.5.5 Consolidated Undrained Triaxial Compression Test

As previously discussed, the consolidated undrained triaxial compression test and the consolidated
undrained triaxial compression test with pore water pressure measurements are identical, except that
the latter test measures the pore water pressure during shearing. In practice, the consolidated undrained
triaxial compression test with pore water measurements (ASTM D 4767-02, 2004) is usually per-
formed and then the pore water pressure data are ignored in order to determine the shear strength
(c and ¢) in terms of a total stress analysis.

In some cases, it may be appropriate to use the total stress shear strength parameters (¢ and ¢)
from consolidated undrained triaxial compression tests. For example, a structure (such as an oil tank
or grain-elevator) could be constructed and then sufficient time elapses so that the saturated cohesive
soil consolidates under this load. If the oil tank or grain-elevator is then quickly filled, the saturated
cohesive soil would be subjected to an undrained loading. This condition can be modeled by per-
forming consolidated undrained triaxial compression tests (ASTM D 4767-02, 2004) in order to
determine the total stress parameters (¢ and ¢).

As discussed in Sec. 3.5.2, the test procedure consists of placing a cylindrical specimen of cohe-
sive soil in the center of the triaxial apparatus, sealing the specimen in a rubber membrane, applying
a confining pressure, and then allowing enough time for the soil specimen to consolidate. At the com-
pletion of consolidation, an axial load is applied to the soil specimen without allowing a change in
water content (i.e., undrained loading). Failure is based on total stresses and occurs at the maximum
principal total stress difference (i.e., maximum deviatoric pressure, or maximum value of 0, — ;). At
failure, the minor principal total stress o, = the confining pressure and the major principal total stress
o, = the highest vertical pressure. By knowing o, and o, the Mohr circle at failure can be drawn.

Figure 3.36 presents laboratory data from three triaxial tests performed in accordance with ASTM
D 4767-02 (2004) test specifications (Day and Marsh, 1995). The three specimens used for the tri-
axial tests were composed of silty clay, having a LL = 54, PI = 28, with a grain size distribution
(based on dry weight) of 15 percent fine sand size particles, 33 percent silt size particles, and 52 per-
cent clay size particles finer than 0.002 mm. In order to create the three triaxial specimens, the silty
clay was compacted into a cylindrical mold to a relative compaction of 80 percent (i.e., dry unit
weight = 85 pcf, 13.4 kN/m?) at a water content of 20 percent. These three triaxial tests are labeled
1 through 3 in Fig. 3.36 and the data are summarized below:

Test 1. The first silty clay specimen was saturated and allowed to consolidate at an effective
confining pressure of 3.5 psi (24 kPa). The vertical total stress at failure (0,) = 9.4 psi (65 kPa).
Thus the Mohr circle drawn in Fig. 3.36 has 0, = 9.4 psi, 0, = 3.5 psi, and a radius of 3.0 psi.

Test 2. The second silty clay specimen was saturated and allowed to consolidate at an effective
confining pressure of 13.9 psi (96 kPa). The vertical total stress at failure (o,) = 26.6 psi (183 kPa).
Thus the Mohr circle drawn in Fig. 3.36 has 0, = 26.6 psi, 0, = 13.9 psi, and a radius of 6.4 psi.
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FIGURE 3.36 Consolidated undrained triaxial compression tests performed on a silty clay.

Test 3. The third silty clay specimen was saturated and allowed to consolidate at an effec-
tive confining pressure of 27.8 psi (192 kPa). The vertical total stress at failure (o,) = 52.2 psi
(360 kPa). Thus the Mohr circle drawn in Fig. 3.36 has o, = 52.2 psi, 0, = 27.8 psi, and a
radius of 12.2 psi.

The failure envelope (straight line) is drawn at a tangent to the three Mohr circles and the cohe-
sion (y axis intercept) and friction angle (angle of inclination of the straight line) are ¢ = 1.2 psi (8.3
kPa) and ¢ = 16°.

3.5.6 Consolidated Drained Triaxial Compression Test

The test procedures for the consolidated drained triaxial compression test are identical to the test
procedures described in Sec. 3.5.2, except that during shearing the valve to the drainage measure-
ment system and back pressure system remains open. For this test, the cohesive soil specimen must
be sheared slow enough so that excess pore water pressures do not develop within the soil speci-
men. This means that if the cohesive soil wants to dilate during shear, then the shear process must
be slow enough so that water can flow into the soil specimen. Likewise, if the cohesive soil wants
to contract during shear, then the shear process must be slow enough so that water can flow out of
the soil specimen.

Depending on the size of the soil specimen and the permeability of the soil, the requirement that
the soil be sheared in a drained condition could require that the shearing portion of the test take sev-
eral days or even weeks to complete. For this reason, the consolidated drained triaxial compression
test is rarely performed in practice for cohesive soil.
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3.5.7 Direct Shear Test

Cohesive soils usually have a very low permeability and it often takes a considerable amount of time
to perform drained shear strength tests. The test procedure for performing a direct shear test on cohe-
sive soil is identical to the procedure for cohesionless soil as outlined in Sec. 3.4.2. However, a major
limitation is that cohesive soils must be sheared much slower than granular soils in order to obtain
the drained shear strength. According to ASTM D 3080-03 (2004), the total elapsed time to failure
1 for a drained direct shear test should be:

1,=5015, (3.28)

where ., is the time for the cohesive soil to achieve 50 percent consolidation under the vertical
stress. This time 7, can be determined by using the log-of-time method (discussed in Chap. 8). For
cohesive soil, Eq. 3.28 can require that the test be performed for a considerable amount of time. For
example, for a clay that reaches 50 percent consolidation in 20 min, the total elapsed time to failure
must be at least 1000 min (16.7 h). This may require the installation of special equipment (special
gears to slow down the strain rate) to allow the direct shear device to shear very slowly. Probably the
two most common problems with the direct shear testing of a cohesive soil are: (1) the soil is not sat-
urated prior to shearing, and (2) the soil is sheared too quickly. Both of these conditions can result
in the effective shear strength parameters (¢’ and ¢') being overestimated.

3.5.8 Torsional Ring Shear Test

The drained residual shear strength ¢’ is defined as the remaining (or residual) shear strength of
cohesive soil after a considerable amount of shear deformation has occurred. In essence, ¢, repre-
sents the minimum shear resistance of a cohesive soil along a fully developed failure surface. The
drained residual shear strength is primarily used to evaluate slope stability, where there is a preex-
isting shear surface. Examples include ancient landslides, slopes in overconsolidated fissured clays,
and slopes in fissured shales. The drained residual shear strength may also be applicable for other
types of preexisting shear surfaces, such as sheared bedding planes, joints, and faults. The residual
shear strength ¢’ is independent of the original shear strength, water content, and liquidity index,
and depends only on the size, shape, and mineralogical composition of the constituent particles
(Skempton, 1964).

The drained residual friction angle ¢, of cohesive soil could be determined by using the direct
shear apparatus. The test procedure is similar to the standard direct shear testing, except that the soil
specimen is sheared back and forth several times to develop a well-defined shear failure surface. By
shearing the soil specimen back and forth, the clay particles become oriented parallel to the direc-
tion of shear. Once the shear surface is developed, the drained residual shear strength ¢, would be
determined by performing a final, slow shear of the specimen.

Besides the direct shear equipment, the drained residual shear strength can be determined by
using the torsional ring shear apparatus, which is shown in Fig. 3.37 (Stark and Eid, 1994). Back cal-
culations of landslide shear strength indicate that the drained residual shear strength from torsional
ring shear tests are reasonably representative of the slip surface (Watry and Ehlig, 1995). The basic
test procedures are as follows:

1. The torsional ring shear specimen is annular with a typical inside diameter of 2.8 in. (7 cm) and
an outside diameter of 4 in. (10 cm). Drainage is provided by annular bronze porous plates
secured to the bottom of the specimen container and the loading platen. Remolded specimens are
often used for the ring shear testing.

2. The remolded specimen is typically obtained by air drying the soil (such as slide plane clay seam
material), crushing it with a mortar and pestle, and processing it through the U.S. Standard Sieve
No. 200.

3. Distilled water is added to the processed soil until a water content approximately equal to the liquid
limit is obtained. The specimen is then allowed to rehydrate for one day in a high-humidity room.
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FIGURE 3.37 Torsional ring shear device.

A spatula is used to place the remolded soil paste into the annular specimen container. The top
porous plate and the top plate which is used to apply a torque to the soil specimen are installed, as
shown in Fig. 3.38.

4. To measure the drained residual shear strength, the ring shear specimen is often consolidated at a
high vertical pressure (such as 700 kPa) and then the specimen is unloaded to a much lower ver-
tical pressure (such as 50 kPa). During both consolidation and shearing, the soil specimen is sub-
merged in distilled water.

5. The specimen is then presheared by slowly rotating the ring shear base for one complete revolu-
tion using the hand wheel.

6. After preshearing, the specimen is sheared at a slow drained displacement rate (such as 0.02 mm/min).
This slow shear displacement rate has been successfully used to test soils that are very plastic.
Figure 3.39 shows a close-up view of the loading rams that are used to apply the torque to the ring
shear soil specimen.

7. After a drained residual strength condition is obtained at the low vertical pressure, shearing is
stopped and the normal stress is increased to a higher pressure (such as 100 kPa). After consoli-
dation at this higher pressure, the specimen is sheared again until a drained residual condition is
obtained.
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FIGURE 3.38 Close-up view of the shear portion of the apparatus.

8. This procedure is also repeated for other effective normal stresses. The slow shear displacement
rate (0.02 mm/min) should be used for all stages of the multistage test. Figure 3.40 shows the soil
specimen at the completion of the torsional ring shear test.

For further details, see ASTM D 6467-99 (2004), “Standard Test Method for Torsional Ring
Shear Test to Determine Drained Residual Shear Strength of Cohesive Soils.”

An example of the type of data obtained from the torsional ring shear test is presented in Figs. 3.41
and 3.42. These data were obtained from the torsional ring shear testing of clay obtained from
the slide plane of an actual landslide (Day and Thoeny, 1998). The index properties for the slide
plane material are listed in Fig. 3.41. The landslide developed in the Friars Formation which con-
sists primarily of montmorillonite clay particles (Kennedy, 1975). Figure 3.41 presents the
drained residual failure envelope and Fig. 3.42 shows the stress-displacement plots for the tor-
sional ring shear test on the slide plane sample. It can be seen in Fig. 3.41 that the failure enve-
lope is nonlinear, which is a common occurrence for residual soil (Maksimovic, 1989a). If a
linear failure envelope is assumed to pass through the origin and the shear stress at an effective
normal stress of 2090 psf (100 kPa), the residual friction angle (¢’ is 8.2°. If a linear failure
envelope is assumed to pass through the origin and the shear stress at an effective normal stress
of 14,600 psf (700 kPa), the residual friction angle ¢’ is 6.2°. These drained residual friction
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FIGURE 3.39 Close-up view of the shear portion of the apparatus showing the loading rams that are used to apply a torque to the top
of the soil specimen.

angles are very low and are probably close to the lowest possible drained residual friction angles
of soil.

Figure 3.43 presents a second example of data from laboratory tests performed on slide plane
material from the Niguel Summit landslide. Figure 3.44 shows a photograph of the slide plane,
which was exposed during the stabilization of the Niguel Summit landslide. The drained residual
shear strength of the slide plane material was determined by using the torsional ring shear appa-
ratus (solid line) and the direct shear apparatus (dashed line). As shown in Fig. 3.43, there is good
correlation between the results of the torsional ring shear apparatus and the direct shear appara-
tus, with the results from the direct shear apparatus indicating a slightly higher residual shear
strength.
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FIGURE 3.40 Condition of the soil specimen at the end of the torsional ring shear test.
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FIGURE 3.41 Drained residual shear strength envelope from torsional ring shear test on
slide plane material.
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FIGURE 3.42 Shear stress versus displacement from torsional ring shear test on slide plane material.

3.6 LABORATORY COMPACTION TESTS

Shear Strength (psf)

4000

2000

The laboratory compaction test consists of compacting a soil at a known water content into a mold
of specific dimensions using a certain compaction energy. The procedure is repeated for various
water contents to establish the compaction curve. The most common testing procedures (compaction
energy, number of soil layers in the mold and the like.) are the Modified Proctor (ASTM D 1557-02,
2004) and the Standard Proctor (ASTM D 698-00, 2004). The term “Proctor” is in honor of R. R.
Proctor, who in 1933 showed that the dry density of a soil for a given compactive effort depends on
the amount of water the soil contains during compaction. This section will discuss the Modified
Proctor laboratory compaction test and the Standard Proctor laboratory compaction test.
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FIGURE 3.43 Drained residual shear strength envelope from torsional ring shear test (solid line) and direct shear test (dashed line)
on slide plane material from the Niguel Summit landslide.
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FIGURE 3.44 Photograph of the slide plane, which was exposed during the stabilization of the Niguel Summit landslide. Note that
the direction of movement of the landslide can be inferred by the direction of striations in the slide plane.

3.6.1

Modified Proctor Compaction Test

In California, there is almost exclusive use of the Modified Proctor compaction specifications. For
the Modified Proctor (ASTM D 1557-02, 2004, procedure A), the soil is compacted into a 4-in.
(10.2 cm) diameter mold that has a volume of 1/30 ft* (944 cm?), where five layers of soil are com-
pacted into the mold with each layer receiving 25 blows from a 10-Ibf (44.5-N) rammer that has a
18-in. (0.46-m) drop. The Modified Proctor has a compaction energy of 56,000 ft-1bf/ft> (2700 kN-m/m?3).
The test procedure is to prepare soil at a certain water content, compact the soil into the mold, and
then by recording the mass of soil within the mold, the wet density of the compacted soil is obtained.
By knowing the water content of the compacted soil, the dry density can be calculated (i.e., divide
the wet density by: 1 + w, where w is in a decimal form). This compaction procedure is repeated for
the soil at different water contents and then the dry density versus water content is plotted on a graph
in order to obtain the compaction curve. The peak point of the compaction curve is known as the lab-
oratory maximum dry density (pcf or Mg/m®) and is designated p, . The water content corre-
sponding to the peak point of the laboratory compaction curve is known as the optimum moisture
content, which is designated Wopr: The specitfic steps in the Modified Proctor laboratory compaction
test are as follows:

Sample Preparation. The test procedure described in this section is applicable for soil that pri-
marily passes the No. 4 sieve. If the soil has gravel and cobble size particles, then a different test pro-
cedure or even an oversize particle correction may be required (Day, 2001). It is important that
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during the compaction test, the soil not be reused. As such, a significant amount of soil is needed in
order to complete the laboratory compaction test. Depending on the water content of the soil, about
20 to 40 1b (9 to 18 kg) of wet soil will be needed for the laboratory compaction test.

With experience and judgment, it is often possible to estimate the optimum moisture content w__.
At least four soil specimens are prepared with water contents that bracket the estimated optimum
moisture content. Two soil specimens should be prepared such that they have water contents below
and two specimens should have water contents above the estimated optimum moisture content. The
water contents should vary by about 2 percent, so for example, if the optimum moisture content is
estimated to be 17 percent, then prepare soil specimens having water contents of 14 percent, 16 per-
cent, 18 percent, and 20 percent. For some soils that have a very high optimum moisture content or
have a flat compaction curve, the water contents of the soil specimens may need to vary by more
than 2 percent. For each of the four soil specimens, about 5 1b (2.3 kg) of soil will be needed.

Compaction Mold. Each of the four soil specimens will be compacted into the compaction
mold. Figure 3.45 shows the compaction apparatus, which consists of three parts: base plate,
compaction mold, and top collar. Figure 3.46 shows the compaction apparatus in its assembled con-
dition, with the compaction mold fitting snugly into the base plate and then the top collar placed
on top of the mold. The mold and collar are secured to the base plate by tightening the screws.
Prior to compacting the soil specimens, a balance is used to determine the mass of the empty
compaction mold M .

-la i o 3 4 5 |
a0 1, dﬂ,d!ﬁ\'\“\hﬁ\‘lﬂ > WU AN

FIGURE 3.45 The compaction apparatus consisting of three parts: (1) base plate, (2) compaction mold, and (3) the top collar.
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FIGURE 3.46 The compaction apparatus in an assembled condition.

The compaction apparatus must rest on a rigid foundation that has a mass of at least 200 1b (92 kg).
The base plate is securely attached to the rigid foundation, as shown in Fig. 3.47. The purpose of this
requirement is to enable the majority of the energy during compaction to be directed into the soil,
with minimal loss of energy caused by the bouncing or shaking of the compaction apparatus. Chen
(2000) describes an interesting case of a field technician who performed the laboratory compaction
test on the open tailgate of his pickup truck instead of on a solid surface. Due to lost energy, the lab-
oratory maximum dry density was as much as 5 pcf (0.08 Mg/m?) less than the actual value. This
example shows the importance of securely anchoring the base plate of the compaction apparatus to
a rigid foundation.

Compacting the Soil Specimen. The soil specimen is compacted into the compaction mold in five
layers, with each layer being of approximately equal thickness. For each layer, loose soil is placed
into the compaction mold and spread-out so that it has a uniform thickness. Each of the five layers
of soil receives 25 blows from a 10-1bf (44.5 N) rammer that has a 18 in. (0.46 m) drop. The ram-
mer is contained within a guide sleeve, and during compaction, the guide sleeve is held in an verti-
cal position and just above the soil layer surface. Holding the guide sleeve steady, the rammer is
raised to the top of the guide sleeve. Then the rammer is released and allowed to free fall and impact
the soil surface. Each layer of soil should be compacted so that the 25 blows are uniformly distrib-
uted with complete coverage of the soil layer surface. Figure 3.48 shows the rammer and the soil in
the process of being compacted into the compaction mold.
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FIGURE 3.47 The compaction apparatus attached to a rigid metal foundation.

After compaction of the fifth layer, the soil should extend no more than !/, in. (6 mm) into the
collar. If after compaction of the fifth layer, the soil is below the top of the compaction mold, then
the specimen must be discarded and the test repeated on a fresh soil specimen. Figure 3.49 shows
the completion of the compaction test with the collar having been removed.

The compaction mold is removed from the base plate and then both the top and bottom of the soil
specimen are trimmed. The trimming process can be performed by scraping a metal straight edge
across the top and bottom of the compaction mold in order to create flush soil surfaces. If small sur-
face voids develop during the trimming process, then the surface voids should be filled-in with soil.
Once the compacted soil has been trimmed flush with the top and bottom of the mold, a balance is
used to obtain the mass of the mold and compacted soil M, such as shown in Fig. 3.50.

Water Content. The soil specimen is next extruded from the compaction mold. Figure 3.51 shows
a soil specimen in the process of being extruded from the compaction mold by using a hydraulic jack
mechanism. After the soil specimen has been removed from the mold, the water content of the soil
is determined. The entire soil specimen could be broken apart and used for the water content test,
although it is more common to slice apart the extruded soil and obtain about 1 1b (450 g) of repre-
sentative soil for the water content test. See Sec. 3.2.1 for the test procedure for determining the
water content of the compacted soil.

Compacting the Other Three Soil Specimens. After the test has been completed for the first soil
specimen, the steps are repeated for the other three soil specimens.
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FIGURE 3.48 Soil in the process of being compacted into the com-
paction mold using the Modified Proctor rammer.

The calculations consist of determining the wet density (o, = M/V) and the dry density p,= p/(1 + w)
of the compacted soil. For these calculations, M = mass of the compacted soil (M =M, - M ), V=
volume of the compaction mold (1/30 ft*), and w = water content of the compacted soil expressed as
a decimal. In order to determine the laboratory maximum dry density p, and the optimum mois-
ture content w, . the dry density p, versus water content w for the four tests are plotted. The peak
point of the compaction curve is defined as the laboratory maximum dry density p, and the cor-
responding water content is known as optimum moisture content w_.

An example of laboratory test data are presented in Fig. 3.52. Four soil specimens having water
contents of about 8, 10, 12 and 14 percent were compacted. In Fig. 3.52, the water content versus
dry density for each test has been plotted. The reason the dry density is plotted is because it is
desirable to control the actual density of the soil particles, or in order words, to control how dense-
ly packed together are the soil solids. The four data points are connected in order to create the com-
paction curve. The peak point of the compaction curve is the laboratory maximum dry density p,, .
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FIGURE 3.49 Completion of the compaction test with the top collar
removed.

In Fig. 3.52, the laboratory maximum dry density is 122.5 pcf (1.96 Mg/m?). The water content cor-
responding to the laboratory maximum dry density is known as the optimum moisture content. In
Fig. 3.52, the optimum moisture content w_ for this soil is 11 percent. This information is impor-
tant because it tells the grading contractor that the water content of the soil should be about 11 per-
cent for the most efficient compaction of the soil.

The three lines to the right of the compaction curve are each known as a “zero air voids curve.”
These curves represent the relationship between water content and dry density for a condition of sat-
uration (S = 100 percent) for a specified specific gravity. Usually the right side of the compaction
curve will be approximately parallel to the zero air voids curve and can be used as a check on the
laboratory test results. The following equation can be used to plot a “zero air voids curve.”

G,
pz_ SpW

“T1+Gw (3.29)
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EIRONIC BALANCE

FIGURE 3.50 A balance is being used to determine the mass of the mold
plus compacted soil.

Where p, = vertical axis value of dry density of the soil for the plotting of the zero air voids curve
(pcf or Mg/m?)
G, = specific gravity of soil solids (dimensionless), see Sec. 3.2.3
p,, = density of water, which is equal to 62.4 pcf or 1.0 Mg/m?
w = water content of the soil, expressed as a decimal

Assuming a specific gravity G, and water content w, the value of p_ can be calculated from Eq. 3.29.
By plotting the p, versus water content w, the zero air voids curve corresponding to the assumed spe-
cific gravity could be determined.

Figure 3.53 shows the compaction curves for several different soils. Well-graded soils, such as
well-graded sand and gravel, have the highest values of laboratory maximum dry density p, and
the lowest optimum moisture contents Wooe At the other extreme, uniform fine sands, silts, and fat
clays have the lowest values of laboratory maximum dry density p, and the highest values of
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FIGURE 3.51 The compacted soil is in the process of being extruded from the com-
paction mold.

optimum moisture content w_ . Another soil that usually has a very low laboratory maximum dry
density p, and a very high optimum moisture content w_ is diatomaceous earth.

During the compaction of soil, there can be the break-down of soft soil particles. For example,
soft sedimentary particles, gypsum, and diatoms can be broken apart or crushed during the com-
paction process. Thus the compaction process will result in a change in the grain size distribution of
the soil because the soil will have more finer soil size particles after compaction.

Another problem concerns the air-drying of soil specimens. In some cases, the soil specimens
may be completely air-dried and then water is added to the soil specimen in order to achieve the
desired water content. But the air-drying of the soil can affect the results. For example, it has been
observed that the compaction tests made on air-dried halloysite samples give markedly different
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FIGURE 3.52 Compaction curve for a silty sand based on the Modified Proctor test specifications.

results than tests on samples at their natural water content (Holtz and Kovacs, 1981). Other soils
that are sensitive to drying conditions include soils that contain diatoms, such as diatomaceous
earth.

Clean granular soils may bleed water during compaction. For these highly permeable soils, water
is often observed squirting out between the base plate and compaction mold during the compaction
process. For such soils, a more representative method of controlling compaction may be to calculate
the relative density (D, see Sec. 4.3) of the compacted soil.

Determining the water content of the soil is an important aspect of the compaction test. Certain
soils, such as diatomaceous earth, are very sensitive to the drying temperature. Another type of soil
that is sensitive to the drying temperature is gypsiferous soil, which is a soil that contains a high per-
centage of gypsum. In order to reduce the amount of dehydration of gypsum (Ca SO, - 2H,0), ASTM
D 2216-98 (2004) indicates that it may be desirable for the water content test to use a drying tem-
perature of 60°C, instead of the standard temperature of 110°C. Drying at a lower temperature can
substantially effect the compaction curve. For example, Fig. 3.54 shows two compaction curves for
a gypsiferous soil, where for the upper compaction curve, the water contents were determined by
drying the soil at 60°C. For the lower compaction curve, the water contents were determined by dry-
ing the soil at 110°C. Using a lower temperature for determining the water content of the compact-
ed soil resulted in a higher laboratory maximum dry density p, —and a lower optimum moisture
content w,_, for the gypsiferous soil.

For further details on the modified Proctor laboratory compaction test, see ASTM D 1557-02
(2004), “Standard Test Methods for Laboratory Compaction Characteristics of Soil using Modified
Effort [56,000 ft-1bf/ft* (2700 kN-m/m?)].”
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FIGURE 3.53 Compaction curves for different types of soil using the Modified Proctor com-

paction test. (From Day, 2001b.)

3.6.2 Standard Proctor Compaction Test

3.75

The test procedures for the Standard Proctor laboratory compaction test are identical to those proce-
dures listed in Sec. 3.6.1, except that the Standard Proctor test has a lower compaction effort. For
example, as indicated in ASTM D 698-00 (2004) “Standard Test Methods for Laboratory Compaction
Characteristics of Soil Using Standard Effort [12,400 ft-Ibf/ft* (600 kN-m/m?)],” the compaction energy
is only 12,400 ft-1bf/ft3, or about 22 percent of the Modified Proctor compaction energy.

For the Standard Proctor (ASTM D 698-00, 2004, Procedure A), the soil is compacted into a
4 in. (10.2 cm) diameter mold that has a volume of 1/30 ft* (944 cm?), where three layers of soil
are compacted into the mold with each layer receiving 25 blows from a 5.5 Ibf (24.4 N) rammer
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Modified Compaction Test
ASTMD 1557
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METHOD: B RAM WEIGHT: 10 LBS
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FIGURE 3.54 Compaction curves for a gypsiferous soil. The water content for the upper compaction curve
was determined by using a drying temperature of 60°C. The water content for the lower compaction curve was

determined by using a drying temperature of 110°C.

that has a 12 in. (0.31 m) drop. Thus a difference between the laboratory compaction tests is that
the Modified Proctor has five layers of compacted soil, while the Standard Proctor has only three
layers of compacted soil. For both laboratory tests, each layer is subjected to 25 blows, but the
Modified Proctor rammer (i.e., 10 1bf rammer with a 18 in. drop) imparts much more energy as
compared to the Standard Proctor test which uses a different rammer (5.5 1bf rammer with a 12 in.
drop).

Since the Standard Proctor has much less compaction effort than the Modified Proctor, the labo-
ratory maximum dry density p, is lower and the optimum moisture content w_ is higher for the
Standard Proctor as compared to the Modified Proctor test on the same soil. Because of the modern
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FIGURE 3.55 Procedure to estimate the laboratory maximum dry density
from the one-point Proctor test.

use of heavier compaction equipment and the desirability of having a higher load-bearing fill, the
Modified Proctor test is typically used more often than the Standard Proctor test.

3.6.3 One-Point Proctor Test

The one-point Proctor test is a quick method that can be used to obtain an estimate of the laboratory
maximum dry density p, . and the optimum moisture content w,_ . Figure 3.55 illustrates the basic
approach to the one-point Proctor test. In order to use the one-point Proctor test, the compaction
curves on similar soils must already have been determined, such as the upper and lower compaction
curves indicated as solid lines in Fig. 3.55. The one-point Proctor test consists of performing a sin-
gle point maximum dry density test on soil that has a water content that is dry of optimum moisture
content. The maximum dry density is then estimated based on the observation that compaction
curves on similar soil types have the same basic shape. This procedure is illustrated in Fig. 3.55,
where point A is the one-point Proctor test performed on the soil that has a water content dry of opti-
mum and then the compaction curve is drawn. Note in Fig. 3.55 that the laboratory maximum dry
density (Point B) is obtained by using the line of optimums, which is a line drawn through the peak
point of the compaction curves. The one-point Proctor test is especially useful when there are sev-
eral slightly different soil types at a site.

3.7 PERMEABILITY TESTS

Permeability is defined as the ability of water to flow through a saturated soil. A high permeability
indicates that water flows rapidly through the void spaces, and vice versa. A measure of the soils per-
meability is the hydraulic conductivity, also known as the coefficient of permeability k. The hydraulic
conductivity can be measured in the laboratory by using the constant head (ASTM D 2434-00, 2004)
or falling head (ASTM D 5084-00, 2004) permeameter.
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3.7.1 Constant Head Permeameter

Figure 3.56 shows a constant head permeameter apparatus. A saturated soil specimen is placed in the
permeameter and then a head of water A is maintained. The hydraulic conductivity is based on Darcy’s
law, which states that the velocity v of flow in soil is proportional to the hydraulic gradient i, or:

v=ki (3.30)

where k is the hydraulic conductivity (also known as coefficient of permeability), ft/sec or cm/sec
and i is the hydraulic gradient (dimensionless) which is defined as the change in total head A4 divided
by the length of the soil specimen L, or i = Ah/L.

Using Eq. 3.30, the coefficient of permeability & from the constant head permeameter can be cal-
culated as follows:

__oL
T (AR At

(3.31)

where k = coefficient of permeability (ft/sec or cm/sec)
Q = total discharged volume (ft* or cm?) in a given time (%)
L = length of the soil specimen (ft or cm)
Ah = the total head loss for the constant head permeameter as defined in Fig. 3.56 (ft or cm)
A = area of the soil specimen (ft> or cm?)
t = time (sec)

Overflow

-

7

Porous
Plate Q

FIGURE 3.56 Constant head permeameter.
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The constant head permeameter is often used for sandy soils that have a high permeability. It is
important that the porous plate which supports the soil specimen (Fig. 3.56) has a very high perme-
ability. As an alternative, a reinforced permeable screen can be used in place of the porous plate.
Another important consideration is that the soil specimen diameter should be at least ten times larger
than the size of the largest soil particle.

3.7.2 Falling Head Permeameter

Figure 3.57 (from Department of the Army, 1970) shows a laboratory falling head permeameter.
This equipment is used to determine the hydraulic conductivity of a saturated silt or clay speci-
men. Filter paper is often placed over the porous plate to prevent the migration of soil fines
through the porous plate. Also, a frequent cause of inaccurate results is the inability to obtain a
seal between the soil specimen and the side of the permeameter. Because of these factors (migra-
tion of fines and inadequate sealing), a greater degree of skill is required to perform the falling
head permeability test.

The objective of the falling head permeability test is to allow the water level in a small diameter
tube to fall from an initial position /| to a final position /.. The amount of time it takes for the water
level to fall from & to & is recorded. Based on Darcy’s law, the equation to determine the hydraulic
conductivity k for a falling head test is as follows:

alL h,
k:2.3;10g102 (3.32)

Standpipe —»|

Overflow

porous plate

FIGURE 3.57 Falling head permeameter.
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where k = coefficient of permeability (ft/sec or cm/sec)
a = area of the standpipe (ft> or cm?)
L = length of the soil specimen (ft or cm)
h, = initial height of water in the standpipe as defined in Fig. 3.57 (ft or cm)
h = final height of water in the standpipe as defined in Fig. 3.57 (ft or cm)
A = area of the soil specimen (ft* or cm?)
t = time it takes for the water level in the standpipe to fall from £, to hf (sec)

3.7.3 Permeability Data

Figure 3.58 (adapted from Casagrande) presents a plot of the hydraulic conductivity (coefficient of
permeability) versus drainage properties, type of soil, and type of permeameter apparatus best suited
for the measurement of k. The bold lines in Fig. 3.58 indicate major divisions in the hydraulic con-
ductivity. A hydraulic conductivity of about 1 cm/sec is the approximate boundary between laminar
and turbulent flow. A hydraulic conductivity of about 1 x 10™* cm/sec is the approximate dividing
line between good drainage and poorly drained soils. In general, those soils that contain more fines,
such as clays, will have the lowest hydraulic conductivity. This is because clay particles provide very
small drainage paths, with a resultant large resistance to fluid flow, even though a clay will often
have significantly more void space than a sand. According to Terzaghi and Peck (1967), the classi-
fication of soil according to hydraulic conductivity & is as follows:

High degree of permeability, k is over 0.1 cm/sec

Medium degree of permeability, & is between 0.1 and 0.001 cm/sec
Low permeability, k is between 0.001 and 1 x 107 cm/sec

Very low permeability, k is between 1 x 107 and 1 x 107 cm/sec
Practically impermeable, k is less than 1 x 107 cm/sec

In terms of engineering practice, the hydraulic conductivity is often reported to one or at most,
two significant figures. This is because in many cases the laboratory permeability will not represent
in situ conditions. For example, Tomlinson (1986) states:

There is a difference between the horizontal and vertical permeability of natural soil deposits due to
the effects of stratification with alternating beds of finer or coarser grained soils. Thus the results of lab-
oratory tests on a few samples from a vertical borehole are of rather doubtful value in assessing the rep-
resentative permeability of the soil for calculating the quantity of water to be pumped from a foundation
excavation.

Other methods for determining the permeability of in situ soil will be described in Sec. 4.7.

NOTATION

The following notation is used in this chapter:
a = for a p-q plot, the y axis intercept of the failure envelope

a = area of standpipe (falling head permeameter)
a’ = for a p’-g plot, the y axis intercept of the failure envelope
A = area of the soil specimen
A = cross sectional area (constant and falling head permeameters)
A, B = Skempton pore water pressure coefficients
A, = corrected area of the soil specimen during shearing
A_ = preshear area of the soil specimen (triaxial test)
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cohesion based on a total stress analysis

¢’ = cohesion based on an effective stress analysis
= preshear dial reading for the height of the soil specimen
D,, = from grain size curve, particle size for 10 percent finer by dry weight
D,, = from grain size curve, particle size for 30 percent finer by dry weight
D, = from grain size curve, particle size for 60 percent finer by dry weight
F = percent finer by dry weight (sieve analysis)
g = acceleration of gravity
G, = bulk specific gravity (oversize particles)
G, = specific gravity of soil solids
h,, h = head measurements from a falling head permeameter test
Ah = change in height of the soil specimen during consolidation (triaxial test)
Ah = change in total head
H_ = initial height of the soil specimen (triaxial test)
H_ = preshear height of the soil specimen (triaxial test)
AH = change in height of the soil specimen during shearing
i = hydraulic gradient
k = hydraulic conductivity (also known as coefficient of permeability)

T on S gghghgkgegﬁg X X ; ~

length of soil specimen (constant and falling head permeameters)
liquid limit

total mass (soil solids plus water)

mass of the compacted soil (laboratory compaction test)
mass of the mold and compacted soil

mass of the empty compaction mold

mass of the soil solids (water content test)

mass of solids used for the specific gravity test (Sec. 3.2.3)
initial dry mass of the soil for sieve analysis (Sec. 3.2.4)
mass of water (water content test)

the x-coordinate for a total stress path

the x-coordinate for an effective stress path

load applied by the loading piston

plasticity index

PL = plastic limit

q = the y-coordinate for a total or effective stress path

q, = unconfined compressive strength of the soil

Q = total discharge volume in a given time (constant head permeameter)
R, = cumulative amount of dry soil retained on a given sieve

s, = undrained shear strength

S = degree of saturation
SL = shrinkage limit

time

time to failure (direct shear test)
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time for the cohesive soil to achieve 50 percent consolidation

= pore water pressure

= excess pore water pressure

= final pore water pressure

= initial pore water pressure

= preshear pore water pressure (triaxial test)

= change in pore water pressure

= velocity of flow (Darcy’s law)

= total volume (see Fig. 3.1)

= initial volume of the soil specimen (triaxial test)

= volume of the soil particles determined by using the pycnometer

= preshear volume of the soil specimen (triaxial test)

change in volume of the soil specimen due to consolidation (triaxial test)
water content of the soil (also known as the moisture content)

optimum moisture content (laboratory compaction test)

on a p-q plot, the angle of inclination of the failure envelope

on a p’-g plot, the angle of inclination of the failure envelope

= axial strain (triaxial test and unconfined compression test)
= friction angle based on a total stress analysis

= friction angle based on an effective stress analysis

= drained residual friction angle

= effective friction angle at the ultimate shear strength state
= buoyant unit weight of the soil

= dry unit weight of the soil

= wet unit weight of soil (also known as total unit weight)
= unit weight of water (62.4 pcf or 9.81 kN/m?)

= laboratory maximum dry density (compaction test)

= density of soil solids

= wet density of soil (also known as total density)

= density of water (62.4 pcf or 1.0 g/cm?)

dry density for zero air voids curve (compaction test)

total stress

effective stress

chamber fluid pressure, also known as the cell pressure (triaxial test)

effective confining pressure, also known as the consolidation pressure

= horizontal total stress for the triaxial test

= horizontal effective stress for the triaxial test
= total normal stress acting on the shear surface
= effective normal stress

= vertical total stress for the triaxial test

= vertical effective stress for the triaxial test

= vertical effective stress
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PROBLEMS

0, = major principal total stress
o’, = major principal effective stress
0, = intermediate principal total stress
0, = minor principal total stress
o’, = minor principal effective stress
Ao, = change in cell pressure (triaxial test)

Ao, = change in major principal total stress
Ao, = change in minor principal total stress
7. = shear strength of the soil

7 = maximum shear stress

max

Solutions to the problems are presented in App. C of this book. The problems have been divided into
basic categories as follows:

Water Content

3.1 A water content test was performed on a specimen of soil. The following data were obtained:
Mass of empty container = 105.6 g
Mass of the container plus wet soil = 530.8 g
Mass of the container plus dry soil =483.7 g
Calculate the water content of the soil.
ANSWER: Water content = 12.5 percent.
Unit Weight
3.2 Using the data from Problem 3.1 and assuming that the initial volume of the wet soil specimen
is equal to 225 c¢cm’, calculate the total unit weight and the dry unit weight.
ANSWER:  Total unit weight = 18.5 kN/m?® and dry unit weight = 16.5 kN/m?>.
3.3 A clay specimen has been obtained from below the groundwater table and the total unit weight
7, of the soil specimen is 19.5 kN/m? (124 pcf). Calculate the buoyant unit weight of the clay.
ANSWER: %, = 9.7 kN/m? (61.6 pcf).

Specific Gravity

3.4 A specific gravity test was performed on a granular soil. The mass of dry soil used for the spe-
cific gravity test was equal to 102.2 g. The dry soil was placed in a pycnometer and it was determined
that the volume of the soil particles was equal to 38.9 cm?. Determine the specific gravity of solids G

s

ANSWER: G =2.63.

s

Sieve Analysis

3.5 Figure 3.59 presents the results of a sieve analysis for a soil specimen. Determine the particle
size distribution for this soil.

ANSWER: See App. C for the solution.
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A) Dry mass of the soil specimen:
Water content: 8.3 percent Wet mass: 1386.9 g Initial dry mass (M)):
B) Dry mass of the soil specimen after washing on the No. 200 Sieve
Mass of empty evaporating dish: 234.8 g Mass of dish plus dry soil: 1350.8 g
Mass of dry soil retained on the No. 200 Sieve (M,):
C) Sieve analysis:
Mass retained Cumulative mass Percent finer
Sieve No. for each sieve (g) retained (R ;) (Eq. 3.6)
2-in. 0
11/,-in. 0
1-in. 93.3
3/,-in. 71.9
1/,-in. 114.3
3/g-in. 135.7
No. 4 182.2
No. 10 150.1
No. 20 142.2
No. 40 112.8
No. 60 47.8
No. 100 29.6
No. 200 35.9
Pan 0.1 —
Check: Cumulative retained on Pan: 1115.9 g Versus M

FIGURE 3.59 Data for Problem 3.5.

Atterberg Limits
3.6 Figure 3.60 presents the results of Atterberg limits tests performed on a soil specimen.
Determine the liquid limit, plastic limit, and plasticity index for this soil.

ANSWER:  See App. C for the solution.
Shear Strength of Cohesionless Soil

3.7 The results of a standard penetration test indicate that a clean sand deposit has an N value
equal to 5 at a depth where the vertical effective stress 6’ =43 kPa (910 psf). Using Fig. 3.12, deter-
mine the effective friction angle ¢ of the sand.

ANSWER: ¢ = 30°.
3.8 For Problem 3.7, assume a cone penetration test was performed at the same depth and the cone

resistance ¢, = 40 kg/cm? (3900 kPa). Using Fig. 3.13, determine the effective friction angle ¢ of the
sand.

ANSWER: ¢ = 40°.
3.9 Use the test data from Fig. 3.19 for B-1 at a depth of 6 ft. Determine the effective friction angle

¢ of the cohesionless silty sand (SM) by using Fig. 3.14. Compare this value with the effective fric-
tion angle obtained from the plot shown in Fig. 3.18.

ANSWER: ¢ =30°, same as the value from Fig. 3.18
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A) Water contents for liquid limit:

Trial number 1 2 3
Container number 1 2 4
Container mass (M) 10.92 10.84 11.33
Container + wet soil (M, ) 20.89 22.90 24.07
Container + dry soil (M) 16.36 17.63 18.80

Mass of water (M)

Mass of solids (M)

Water content = M| /M

Number of blows 15 19 30

B) Water contents for plastic limit:

Trial number 1 2
Container number 3 5
Container mass (M) 11.25 10.98
Container + wet soil (M) 13.15 13.21
Container + dry soil (M) 12.81 12.80

Mass of water (M)
Mass of Solids (M)
Water content = M| /M

C) Summary

Liquid limit (LL) = Plastic limit (PL) = Plasticity index (PI) =

Note: All mass values are in g.

FIGURE 3.60 Data for Problem 3.6.

3.10 Use the test data from Fig. 3.19 for B-2 at a depth of 10 ft. Determine the effective friction
angle ¢ of the cohesionless silty sand (SM) by using Fig. 3.14.

ANSWER: ¢ = 36°.

3.11 A drained direct shear test was performed on a cohesionless soil. The specimen diameter =
6.35 cm (2.5 in.). At a vertical load of 150 N (34 1b), the peak shear force = 94 N (21 Ib). For a sec-
ond specimen tested at a vertical load of 300 N (68 1b), the peak shear force = 188 N (42 Ib).
Determine the effective friction angle ¢” for the cohesionless soil.

ANSWER: ¢ = 32°.
Shear Strength Based on Total Stress Analyses for Cohesive Soil

3.12 An unconfined compression test was performed on an undisturbed specimen of saturated
clay. The clay specimen had an initial diameter of 2.50 in. and an initial height of 6.0 in. The verti-
cal force at the shear failure was 24.8 1b and the dial gauge recorded 0.80 in. of axial deformation
from the initial condition to the shear failure condition. Calculate the undrained shear strength s _of
the clay.

ANSWER: s, =315 psf.
3.13 Use the triaxial test data from Fig. 3.30. Assuming that the cohesion (c) is zero, calculate the
friction angle ¢ based on a total stress analysis.

ANSWER: ¢ =32°.
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3.14 Use the triaxial test data from Fig. 3.30. Assuming that the cohesion (c) is 2.0 psi, calculate
the friction angle ¢ based on a total stress analysis.

ANSWER: ¢ = 24°.

3.15 Assume the data shown in Fig. 3.28 was obtained from a consolidated undrained triaxial
compression test with pore water pressure measurements performed on a saturated cohesive soil. The
specimen was first consolidated at an effective confining pressure of 50 kPa (i.e., o', = 0’,). After
consolidation, the specimen height = 10.67 cm and the specimen diameter = 3.68 cm. The B value
was checked by applying a cell pressure Ao’, = 100 kPa and then measuring the change in pore water
pressure Au which was equal to 99.8 kPa. During the undrained triaxial shearing of the specimen,
the following data was recorded:

Axial deformation

Point (cm) Ao, (kPa) Au (kPa)
A 0 0 0
B 0.13 20 1.5
C 0.30 40 3.0
D 0.53 60 4.3
E 0.95 80 6.7

Note that point E represents the failure condition.

Calculate the friction angle ¢ based on a total stress analysis, assuming ¢ = 5 kPa.

ANSWER: ¢ = 23°.

3.16 For Problem 3.15, calculate the B value and A value at failure.

ANSWER: B value = 0.998, A value at failure = 0.08.

3.17 Calculate the undrained modulus £, for the test data from Problem 3.15.
ANSWER:  E = 1600 kPa.

Shear Strength Based on Effective Stress Analyses for Cohesive Soil

3.18 For Problem 3.15, determine &', assuming that a” = 2 kPa.

ANSWER: o = 24.5°.

3.19 Using the data from Problem 3.18, calculate the effective stress friction angle ¢ and effec-
tive stress cohesion ¢’.

ANSWER: ¢ =27°, ¢’ =2.2 kPa.

For Problems 3.20 through 3.25, use the following data from a consolidated undrained triaxial com-
pression test with pore water pressure measurements performed on a saturated cohesive soil specimen.
The soil specimen was first consolidated at an effective confining pressure of 100 kPa (i.e., 0’ = ¢, ).
At the end of consolidation, the soil specimen had an area = 9.68 cm? (1.50 in.?) and a height = 11.7 cm
(4.60 in.). The specimen was then subjected to an axial load, and at failure, the axial deformation =
1.48 cm (0.583 in.), the axial load = 48.4 N (10.9 Ib), and the change in pore water pressure Au =
45.6 kPa (950 pst).

3.20 Calculate the area of the specimen at failure.

ANSWER: Area at failure = 11.1 cm? (1.72 in.?).
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3.21 Calculate the major principal effective stress at failure ¢”, and the minor principal effective
stress at failure o”,.

ANSWER: 0’| at failure = 98 kPa (2050 psf), o’ at failure = 54.4 kPa (1140 psf).

3.22 Calculate ¢ and p’ (in terms of effective stresses).

ANSWER: p” =76.2 kPa (1590 psf) and ¢ = 21.8 kPa (455 psf).

3.23 Calculate the effective friction angle ¢’ assuming ¢’ = 0.

ANSWER: ¢ = 17°.

3.24 Calculate the A value at failure.

ANSWER: A value at failure = 1.05.

3.25 Based on the results of Problems 3.20 to 3.24, what type of inorganic soil would most likely
have this shear strength?

ANSWER:  Normally consolidated clay of high plasticity (CH).
For Problems 3.26 and 3.27, data were obtained from consolidated undrained triaxial compression
tests with pore water pressure measurements performed on saturated specimens of Atchafalaya

clay (from Baton Rouge, Louisiana). The Atchafalaya clay has a liquid limit = 93 and a plasticity
index = 68.

3.26 A specimen of Atchafalaya clay was consolidated at an effective confining pressure = 385 kPa,
which is greater than its preconsolidation pressure. At failure (i.e., maximum value of ¢’,/0”,), 0”, =
333 kPa and ¢”, = 126 kPa. Determine the effective friction angle ¢".

ANSWER: ¢ =27°.

3.27 A second specimen of Atchafalaya clay was consolidated to a pressure in excess of the pre-
consolidation pressure and then unloaded and allowed to equilibrate. At failure (i.e., maximum value
of 0’,/0”,), ', =238 kPa and ¢’ = 83 kPa. Determine the effective cohesion ¢’ for this overcon-

solidated specimen assuming that the Atchafalaya clay has the same effective friction angle for both
the normally consolidated and overconsolidated state.

ANSWER: ¢’ =7 kPa.
For Problems 3.28 to 3.30, data were obtained from a consolidated undrained triaxial compression
test with pore water pressure measurements performed on a saturated specimen of clay. The tabulated

information in Fig. 3.61 presents the recorded data and calculations for the shearing portion of the

triaxial test. For this tabulated data, S3 = ¢/, and S1 = ¢",.

3.28 Plot the effective stress path and determine a” and o’
ANSWER:  See Fig. 3.62 for the effective stress path, where a” = 0.5 psi and o’ = 27°.
3.29 Using the data from Fig. 3.62, calculate the effective shear strength parameters.

ANSWER: ¢’ =0.6 psi and ¢ = 31°.

3.30 Based on the A value at failure, determine the type of cohesive soil.

ANSWER: A value at failure = 0.018, therefore the soil type is a heavily overconsolidated clay.
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PROJECT NO.

BORING NO. STPH#1

SAMPLE  NO.

SAMPLE DEPTH: 4-4.5

INTIAL AREA: 4.90 SQ.INCH

INITI.HEIGHT: 4.95 INCH

SOIL TYPE = CL OLIVE GRAY CLAY

AREA AFTER CONSOLIDATION = 4.901 SQ.INCH

HEIGHT AFTER CONSOLIDATION = 4.949 INCH

CONSOLIDATED - UNDRAINED TEST

AR RN R AR AR

CELL PRESSURE =  71.6 PSI

BACK PRESSURE = 69.6 PSI

DRY DENSITY = 98.0 PCF

MOISTURE = 19.0 (%)

PORE PR. LOAD DEFORM STRAIN AREA 81-S3 POR.CH. - S3
(pSI) READ (1IN} (%) (SQ.IN)  (PSI) (PSI) A (pSI)
69.70 0. .000 .00 4.901 .00 .00 .000 1.80
70.10 17. .025 .51 4.926 3.45 .40 116 1.40
70.16  20. .050 1.01 4.951 4.04 .40 099 1.40
70.00  21. .075 1.52 4.976 4.22 .30 071 1.50
70.00 23. .100 2.02 5.002 4.60 .30 065 1.50
70.00  24. 125 2.53 5.028 4.77 .30 063 1.50
69.90  25. .150 3.03 5.054 4.95 .20 040 1.60,
69.80 26. 175 3.5¢ 5.081 5.12 .10 020 1.70
69.80  27. .200 4.04 5.107 5.29 .10 019 1.70
69.80 28, 225 4.55 5.134 5.45 .10 .o018 1.70
€9.80  29. .250 5.05 5.162 5.62 .10 018 1.70
69.70  29. .275 5.56 5.189 5.59 .00 000 1.80
69.70  30. .300 6.06 5.217 5.75 .00 000 1.80
69.70 3. .325 6.57 5.245 5.91 .00 .000 1.80
€9.60 32, .350 7.07 5.274 6.07 -.10 -.016 1.90
69.50  33. .375 7.58 5.303 6.22 -.20 -.032 2.00
69.40 34. .400 8.08 5.332 6.38 -.30 -.047 2.10
69.40 5. 425 8.59 5.361 6.53 -.30 -.046 2.10
69.40 36. .450 9.09 5.391 6.68 -.30 -.045 2.10
69.30 37. .475 9.60 5.421 6.82 -.40 -.059 2.20
69.20 37. .500  10.10 5.452 6.79 -.50 -.074 2.30
69.10 38. 525  10.61 5.483 6.93 -.60 -.087 2.40
69.20 39. .550  11.11 5.514 7.07 -.50 -.071 2.30
69.10  40. .575  11.62 5.545 7.21 -.60 -.083 2.40
69.00 41. .600 12.12 5.577 7.35 -.70 -.095 2.50
68.90  42. .625  12.63 5.609 7.49 -.80 -.107 2.60 10.
68.90  43. .650  13.13 5.642 7.62 -.80 -.105 2.60 10.
68.90 43 . .675 13.64 5.675 7.58 -.80 -.106 2.60 10.
68.80 44. .700  14.14 5.708 7.71 -.90 -.117 2.70 10.
68.80 45. .725  14.65 5.742 7.84 -.90 -.115 2.70 10.
68.80 46. .750  15.15 5.776 7.96 -.90 -.113 2.70 10.
68.70 47. 775 15.66 5.811 B.0S -1.00 -.124 2.80 10.
FIGURE 3.61 Data for Problems 3.28 to 3.30.

STATIC TRIAXIAL TEST RESULTS
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* BY * DATE *
* * *
* * *
* CHECK * *
* * *
* * *
* CORR. * *
* * *
* RECHECK * *
+ * *
* * +
* ALPR, * *
* * *

HAEEE KRNI RIRR AR AN

51 §1/83 TAN MOD SEC MOD
(PSI) (PSI)
80 1.000 .0 .0
85 3.465 683.2 683.2
44 3.885 116.5 3%9.8
72 3.813 35.7 278.5
10 4.065 74.9 227.6
27 4.182 34.7 189.0
55 4.091 34.3 163.2
B2 4.010 33.9 144.7
99 4.110 33.5 130.8
1s 4.208 33.0 120.0
32 4.305 32.6 111.2
33 4.105 -5.9 100.6
55 4.195 32.0 94.9
71 4,283 31.6 50.0
97 4.193 31.2 85.8
22 4.112 30.8 82.1
48 4.037 30.4 78.9
63 4.109 30.0 76.0
78 4.180 29.6 73.4
02 4.102 28.2 71.1
[ 3.951 ~7.5 67.2
33 3.888 28.6 65.3
37 4.075 28.1 63.6
61 4.006 27.7 62,1
85 3.941 27.3 60.6
09 3.880 26.9 59.3
22 3.931 26.5 58.0
18 3.914 -8.8 55.6
41 3.855 25.9 54.5
54 3.%02 25.5 53.5
66 3.949 25.1 52.5
89 3.889 24.7 51.6

P

(PSI)

L T R AT L G B B BT BT T S N e T R N

.80
.13

42
61
80
a9
07

.26
.34
.43

51

.53
.68
.75
.93

11
29
36
44
61
63
87
84
01
18
34
41
39

.55
.62
.68
.84
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Q
(PSI)

.00
1.73
2.02
2.11
2.30
2.39
2.47
2.56
2.64
2.73
2.81
2.79
2.88
2.95
3.03
3.11
3.19
3.26
3.34
3.41
3.39
3.47
3.54
3.61
3.68
3.74
3.81
3.7%
3.85
3.92
3.98
4.04
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FIGURE 3.62 Solution for Problem 3.28.

3.31 Drained direct shear tests were performed on saturated specimens of remolded siltstone. The
soil has a liquid limit = 48 and a plasticity index = 23. The diameter of the soil specimens were all
equal to 2.50 in. The following data was obtained from the drained direct shear tests:

Maximum shear

Test no. Vertical load (Ib) force (Ib)
1 1.7 5.8
2 8.5 12
3 15 15
4 32 27
5 70 41
6 133 64

Determine the effective shear strength parameters.

ANSWER:  See Fig. 3.63 for the effective shear strength envelope. For 6”, > 700 psf, ¢’ =21° and ¢’ =
450 pst. For 0’ < 700 psf, the effective shear strength envelope is nonlinear.

3.32 For the torsional ring shear test data shown in Fig. 3.43, determine the drained residual fric-
tion angle ¢ assuming a straight line through the origin and the data point at an effective normal
stress of 14,600 psf.

ANSWER: ¢ =9.3°.
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FIGURE 3.63 Solution for Problem 3.31.

Laboratory Compaction Tests

3.33 The following data were obtained from a laboratory compaction test performed in accordance
with the Standard Proctor compaction specifications (1/30 ft* mold):

Compacted wet soil

Test no. (excluding mold), Ib Water content of soil,%
1 4.14 11.0
2 4.26 12.5
3 4.37 14.0
4 4.33 15.5

Determine the laboratory maximum dry density and optimum moisture content.

ANSWER: p, =115 pef (1.84 Mg/m?), Wopt = 14.0 percent.

3.34 If a higher compaction energy is to be used for soil pertaining to Problem 3.33, what will hap-
pen to the laboratory maximum dry density and optimum moisture content.

ANSWER: higher compaction energy results in a higher laboratory maximum dry density and a
lower optimum moisture content.

3.35 For Problem 3.33, calculate the difference in water content between the optimum moisture
content and the water content corresponding to the zero air voids curve. Assume the specific gravity
of solids G = 2.65.
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ANSWER: From Problem 3.33, Wopt = 14.0 percent. For p, = 115 pcf, the water content corre-
sponding to the zero air voids curve = 16.5 percent, and thus the difference in water content = 2.5
percent.

3.36 Use the data shown in Fig. 3.52 and assume that the line of optimums is parallel to the zero
air voids curve. On a slightly different soil, a one point Proctor test was performed on soil that had
a water content that was dry of optimum. The data recorded from this one point Proctor test was a
dry density of 117 pcf at a water content of 8.0 percent. Estimate the laboratory maximum dry den-
sity of this slightly different soil.

ANSWER:  p, =120 pef (1.92 Mg/m?).
Laboratory Permeability Tests

3.37 Ina constant head permeameter test, the outflow Q is equal to 782 mL in a measured time of
31 sec. The sand specimen has a diameter of 6.35 cm and a length L of 2.54 cm. The total head loss
Ah for the permeameter is 2.0 m. Calculate the hydraulic conductivity (also known as the coefficient
of permeability).

ANSWER: k= 0.01 cm/sec.
3.38 In a falling head permeameter test, the time required for the water in a standpipe to fall from

h,=1.58 mto h.=1.35mis 11.0 h. The clay specimen has a diameter of 6.35 cm and a length L of
2.54 cm. The diameter of the standpipe is 0.635 cm. Calculate the hydraulic conductivity.

ANSWER: k=1 x 1077 cm/sec.
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Source: FOUNDATION ENGINEERING HANDBOOK

CHAPTER 4
SOIL MECHANICS

4.1 INTRODUCTION

As discussed in Chap. 1, foundation engineering applies the knowledge of soil mechanics to the
design and construction of foundations for buildings and other structures. The purpose of this chap-
ter is to discuss some of the essential soil mechanics principles that are needed in foundation engi-
neering. Topics covered in this chapter include the following:

. Soil classification (Sec. 4.2)

. Phase relationships (Sec. 4.3)

. Effective stress (Sec. 4.4)

. Stress distribution (Sec. 4.5)

. Total stress and effective stress analyses (Sec. 4.6)

A Ut B W N =

. Permeability and seepage (Sec. 4.7)

4.2 SOIL CLASSIFICATION

Probably the most basic aspect of soil mechanics is soil classification. The purpose of a soil classi-
fication system is to provide the geotechnical engineer with a way to predict the behavior of the soil
for engineering projects. In the United States, the most widely used soil classification system is the
Unified Soil Classification System (U.S. Army Engineer Waterways Experiment Station 1960;
Howard 1977). The Unified Soil Classification System is abbreviated to USCS and it should not be
confused with the United States Customary System that has the same abbreviation. The USCS was
initially developed by Casagrande (1948) and later modified by him in 1952.

4.2.1 Particle Size and Description

A basic element of the USCS is the determination of the amount and distribution of the particle sizes
of the soil. The distribution of particle sizes larger than 0.075 mm (No. 200 sieve) is determined by
sieving and the distribution of particle sizes smaller than 0.075 mm is determined by a sedimenta-
tion process (i.e., the hydrometer test). The sieve and hydrometer tests have been discussed in
Sec. 3.2.4 and 3.2.5. For the USCS, the rock fragments or soil particles versus size are defined as
follows (from largest to smallest particles sizes):

Boulders Rocks that have an average diameter greater than 12 in. (300 mm).

Cobbles Rocks that are smaller than 12 in. (300 mm) and are retained on the 3-in. (75 mm) U.S.
standard sieve.

4.1
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Gravel Size Particles Rock fragments or soil particles that will pass a 3-in. (75 mm) sieve and be
retained on a No. 4 (4.75 mm) U.S. standard sieve. Gravel size particles are subdivided into coarse
gravel sizes or fine gravel sizes.

Sand Size Particles Soil particles that will pass a No. 4 (4.75 mm) sieve and be retained on a No.
200 (0.075 mm) U.S. standard sieve. Sand size particles are subdivided into coarse sand size, medi-
um sand size, or fine sand size.

Silt Size Particles Fine soil particles that pass the No. 200 (0.075 mm) U.S. standard sieve and are
larger than 0.002 mm.

Clay Size Particles Fine soil particles that are smaller than 0.002 mm.

It is very important to distinguish between the size of a soil particle and the classification of the
soil. For example, a soil could have a certain fraction of particles that are of clay size. The same soil
could also be classified as clay. But the classification of clay does not necessarily mean that the
majority of the soil particles are of clay size (smaller than 0.002 mm). In fact, it is not unusual for a
soil to be classified as clay and have a larger mass of silt-size particles than clay-size particles.
Throughout the book when reference is given to particle size, the terminology clay-size particles or
silt-size particles will be used. When reference is given to a particular soil, then the terms such as
silt or clay will be used.

Using the particle size dimension data, the coefficient of uniformity C, and coefficient of curva-
ture C_ can be calculated as follows:

c =La (4.1)
DIO

(D,,)’

=30 4.2)
© (D) Dg)

As will be discussed in Sec. 4.2.3, these two parameters are used in the USCS to determine
whether a soil is well graded (many different particle sizes) or poorly graded (many particles of about
the same size).

As indicated earlier, the USCS has specific size dimensions for boulders, cobbles, gravel, and the
like. There are many other classification systems that use different particle size dimensions and ter-
minology. For example, the Modified Wentworth Scale is frequently used by geologists and includes
such terms as pebbles and mud in the classification system, and uses different particle size dimen-
sions to define sand, silt, and clay (Lane et al., 1947).

Soil scientists also use their own classification system that subdivides sand size particles into cat-
egories of very coarse, coarse, medium, fine, and very fine. Soil scientists also use different particle
size dimension definitions (U.S. Department of Agriculture, 1975). The geotechnical engineer should
be aware that terms or soil descriptions used by geologists or soil scientists may not match the USCS
because they are using a different grain size scale.

4.2.2 Clay Mineralogy

Clay Minerals. The amount and type of clay minerals present in a soil have a significant effect on
soil engineering properties such as plasticity, swelling, shrinkage, shear strength, consolidation, and
permeability. This is due in large part to their very small flat or plate-like shape that enables them to
attract water to their surfaces, also known as the double layer effect. The double layer is a simplified
description of the positively charged water layer, together with the negatively charged surface of the
clay particle itself. Two reasons for the attraction of water to the clay particle (double layer) are:

1. The dipolar structure of the water molecule that causes it to be electrostatically attracted to the
surface of the clay particle.
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2. The clay particles attract cations that contribute to the attraction of water by the hydration process.
Ton exchange can occur in the double layer, where under certain conditions, sodium, potassium,
and calcium cations can be replaced by other cations present in the water. This property is known
as cation exchange capacity.

In addition to the double layer, there is an adsorbed water layer that consists of water molecules
that are tightly held to the clay particle face, such as by the process of hydrogen bonding. The pres-
ence of the very small clay particles surrounded by water helps explain their impact on the engi-
neering properties of soil. For example, clays that have been deposited in lakes or marine
environments often have a very high water content and are very compressible with a low shear
strength because of this attracted and bonded water. Another example is desiccated clays, which have
been dried, but have a strong desire for water and will swell significantly upon wetting.

There are many types of clay minerals. App. A (Glossary 2) presents definitions of three of the
most common clay minerals, i.e., kaolinite, montmorillonite, and illite. Even within a clay mineral
category, there can be different crystal components because of isomorphous substitution. This is the
process where ions of approximately the same size are substituted in the crystalline framework.

Liquidity Index. A measure of a soil’s plasticity is the plasticity index (PI), which has been defined
in Sec. 3.2.6 as the liquid limit (LL) minus the plastic limit (PL) (i.e., PI = LL — PL). Another use-
ful parameter is the liquidity index (LI), defined as:

(4.3)

where w is the water content of the soil expressed as a percentage.

The liquidity index can be used to identify sensitive clays. For example, quick clays often have a
water content w that is greater than the liquid limit, and thus the liquidity index is greater than 1.0.
At the other extreme are clays that have liquidity index values that are zero or even negative. These
liquidity index values indicate a soil that is desiccated and could have significant expansion poten-
tial. Per ASTM, the Atterberg limits are performed on soil that is finer than the No. 40 sieve, but the
water content can be performed on soil containing larger soil particles and thus the liquidity index
should only be calculated for soil that has all its particles finer than the No. 40 sieve.

Plasticity Chart. Using the Atterberg limits, the plasticity chart was developed by Casagrande
(1932a) and is used in the USCS to classify soils. As shown in Fig. 4.1, the plasticity chart is a plot of
LL versus PI. Casagrande (1932a) defined two basic dividing lines on the plasticity chart, as follows:

1. LL =50 line. This line is used to divide silts and clays into high-plasticity (LL > 50) and low-
plasticity (LL < 50) categories.

2. A-line. The A-line is defined as:
PI1=0.73 (LL — 20) 4.4)

The A-line is used to separate clays, which plot above the A-line, from silts, which plot below the
A-line. As shown in the lower diagram in Fig. 4.1, different types of soil tend to plot parallel to the
A-line. An additional line has been added to the Casagrande plasticity chart, known as the U-line (see
the upper diagram in Fig. 4.1). The U-line (or upper-limit line) is defined as:

PI=0.90 (LL — 8) 4.5)

The U-line is valuable because it represents the uppermost boundary of test data found thus far
for natural soils. The U-line is a good check on erroneous data, and any test results that plot above
the U-line should be rechecked. There have been other minor changes proposed for the original
Casagrande plasticity chart. For example, at very low PI values, the A-line and U-line are sometimes
defined differently than as shown in Fig. 4.1 (e.g., see Fig. 4, ASTM D 2487-00, 2004).
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FIGURE 4.1 The upper diagram shows the plasticity chart. The lower diagram shows the location of various soils

as they plot on the plasticity chart. Note in the lower diagram how the soils tend to plot parallel to the A-line.
(Reproduced from Casagrande, 1948; reprinted with permission of the American Society of Civil Engineers.)

Clay minerals present in a soil can be identified by their x-ray diffraction patterns. This process
is rather complicated, expensive, and involves special equipment that is not readily available to the
geotechnical engineer. A more common approach is to use the location of clay particles as they plot
on the plasticity chart to estimate the type of clay mineral in the soil (Fig. 4.2). This approach is often
inaccurate, because soil can contain more than one type of clay mineral.

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



SOIL MECHANICS

SOIL MECHANICS 45

60—

Plasticity index

30

[«—Kaolinites

20—

........

| I >

0 10 20 30 40 50 60 70 80 90 100
Liquid limit

FIGURE 4.2 Plasticity characteristics of common clay minerals. (Source: Mitchell, 1976; Holtz and
Kovacs, 1981.)

Also shown on Fig. 4.2 are two other less common clay minerals, chlorite and halloysite. Although
not very common, halloysite is an interesting clay mineral because instead of the usual flat particle
shape, it is tubular in shape, which can affect engineering properties in unusual ways. It has been
observed that classification and compaction tests made on air-dried halloysite samples give markedly
different result than tests on samples at their natural water content (Holtz and Kovacs, 1981).

Activity. The activity A of clay is defined as (Skempton, 1953):

PI

= (4.6)
clay fraction

The clay fraction is that part of the soil specimen that is finer than 0.002 mm, based on dry
weight. Clays that are inactive are defined as those clays that have an activity less than 0.75, normal
activity is defined as those clays having an activity between 0.75 and 1.25, and active clay is defined
as those clays having an activity greater than 1.25. Quartz has an activity of zero, while at the other
extreme is sodium montmorillonite that can have an activity from 4 to 7.

Because the PI is determined from Atterberg limits that are performed on soil that passes the No.
40 sieve (0.425 mm), a correction is required for soils that contain a large fraction of particles coarser
than the No. 40 sieve. For example, suppose a clayey gravel has 70 percent gravel particles (particles
coarser than No. 40 sieve), 20 percent silt size particles, and 10 percent clay size particles. If the
PI =40 for the soil particles finer than the No. 40 sieve, then the activity for the clayey gravel would
be 1.2 (i.e., 40/33.3).
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4.2.3 Unified Soil Classification System

USCS separates soils into two main groups: coarse-grained soils and fine-grained soils. The basis of
the USCS is that the engineering behavior of coarse-grained soils is based on their grain size distri-
butions and the engineering behavior of fine-grained soil is related to their plasticity characteristics.
Table 4.1 presents a summary of the USCS. As indicated in Table 4.1, the two main groups of soil
are defined as follows:

1. Coarse-grained soils. Defined as having more than 50 percent (by dry mass) of soil particles
retained on the No. 200 sieve. Coarse-grained soils are divided into gravels and sands. Both grav-
els and sands are further subdivided into four secondary groups, depending on whether the soil is
well-graded, poorly-graded, contains silt size particles, or clay size particles.

2. Fine-grained soils. Defined as having 50 percent or more (by dry mass) of soil particles pass-
ing the No. 200 sieve. Fine-grained soils are divided into soils of low or high plasticity. The three
secondary classifications are based on liquid limit and plasticity characteristics (PI).

Group symbols are used to identify different soil types. The group symbols consist of two capi-
tal letters and the first letter indicates the following:

G = gravel
S =sand

M =silt

C =clay

O = organic

The second letter indicates the following:

W = well-graded, indicating a coarse-grained soil has particles of all sizes

P = poorly-graded, indicating a coarse-grained soil has particles of the same size, or the soil is
skip-graded or gap-graded

M = indicates a coarse-grained soil that has silt size particles
C = indicates a coarse-grained soil that has clay size particles
L = indicates a fine-grained soil of low plasticity

H = indicates a fine-grained soil of high plasticity

An exception is peat, where the group symbol is PT. As indicated in Table 4.1, certain soils
require the use of dual symbols. In addition to the classification of a soil, other items should also be
included in the field or laboratory description of a soil, such as:

Soil Color Usually the standard primary color (red, orange, yellow) of the soil is listed. Although
not frequently used in geotechnical engineering, color charts have been developed. For example, the
Munsell Soil Color Charts (1975) display 199 different standard color chips systematically arranged
according to their Munsell notation, on cards carried in a loose-leaf notebook. The arrangement is
by the three variables that combine to describe all colors and are known in the Munsell system as
hue, value, and chroma. Color can be very important in identifying different types of soil. For exam-
ple, the Friars formation, which is a stiff-fissured clay and is a frequent cause of geotechnical prob-
lems such as landslides and expansive soil, can often be identified by its dark green color. Another
example is the Sweetwater formation, which is also a stiff-fissured clay, and has a bright pink color
due to the presence of montmorillonite.

Soil Structure In some cases the structure of the soil may be evident. Definitions vary, but in gen-
eral, the soil structure refers to both the geometric arrangement of the soil particles and the inter-
particle forces that may act between them (Holtz and Kovacs, 1981). There are many different types
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USCS
Major divisions Subdivisions symbol Typical names Laboratory classification criteria
Coarse-grained Gravels (More GW Well-graded gravels or gravel-sand Less than 5 percent fines” C,24and 1<C <3
soils (More than 50 percent mixtures, little or no fines
than 50 percent of coarse GP Poorly graded gravels or gravelly Less than 5 percent fines” Does not meet C, and/or C,
retained on fraction sands, little or no fines criteria listed above
No. 200 sieve) retained on GM Silty gravels, gravel-sand-silt More than 12 percent fines* Minus no. 40 soil plots below the A line
no. 4 sieve) mixtures
GC Clayey gravels, gravel-sand-clay More than 12 percent fines” Minus no. 40 soil plots on or
mixtures above the A line
Sands SW Well-graded sands or gravelly Less than 5 percent fines” C,26and 1<C <3
(50 percent sands, little or no fines
of more of SP Poorly graded sands or gravelly Less than 5 percent fines” Does not meet C, and/or C, criteria
coarse fraction sands, little or no fines listed above
passes SM Silty sands, sand-silt mixtures More than 12 percent fines*  Minus no. 40 soil plots below the A line
no. 4 sieve) SC Clayey sands, sand-clay mixtures More than 12 percent fines* Minus no. 40 soil plots on or above A line
Fine-grained Silts and ML Inorganic silts, rock flour, silts of Inorganic soil PI < 4 or plots below A line
soils (50 percent clays (Liquid low plasticity
or more limit less CL Inorganic clays of low plasticity, Inorganic soil PI > 7 and plots on or above A linef
passes no. than 50) gravelly clays, sandy clays, etc.
200 sieve) OL Organic silts and organic clays of Organic soil LL (oven-dried)/LL (not dried) < 0.75
low plasticity
Silts and MH Inorganic silts, micaceous silts, Inorganic soil Plots below A line
clays silts of high plasticity
(Liquid CH Inorganic highly plastic clays, Inorganic soil Plots on or above A line
limit 50 or fat clays, silty clays, etc.
more) OH Organic silts and organic clays Organic soil LL (oven-dried)/LL (not dried) < 0.75
of high plasticity
Peat Highly organic PT Peat and other highly organic soils Primarily organic matter, dark in color, and organic odor

“Fines are those soil particles that pass the no. 200 sieve. For gravels with 5 to 12 percent fines, use of dual symbols required (i.e., GW-GM, GW-GC, GP-GM, or GP-GC). For sands with
5 to 12 percent fines, use of dual symbols required (i.e., SW-SM, SW-SC, SP-SM, or SP-SC).
If 4 < PI <7 and plots above A line, then dual symbol (i.e., CL-ML) is required.
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of soil structure, such as cluster, dispersed, flocculated, honeycomb, single-grained, and skeleton
(see App. A, Glossary 2, for definitions). In some cases, the soil structure may be visible under a
magnifying glass, or in other cases the soil structure may be reasonably inferred from laboratory test-
ing results.

Soil Texture The texture of a soil refers to the degree of fineness of the soil. For example, terms
such as smooth, gritty, or sharp can be used to describe the texture of the soil when it is rubbed
between the fingers.

Soil Porosity The soil classification should also include the in situ condition of the soil. For exam-
ple, numerous small voids may be observed in the soil, and this is referred to as pinhole porosity.

Clay Consistency For clays, the consistency (i.e., degree of firmness) should be listed. The con-
sistency of clay varies from very soft to hard based on the undrained shear strength of the clay. The
undrained shear strength can be determined from the unconfined compression test or from field or
laboratory vane shear tests. Based on the undrained shear strength s, of an undisturbed specimen,
cohesive soils are deemed to have a very soft, soft, medium, stiff, very stiff, or hard consistency. The
values of undrained shear strength versus consistency are listed below:

Undrained shear Undrained shear

Clay consistency strength (kPa) strength (psf)

Very Soft s, <12 5,<250

Soft 12<s,<25 250 <5, <500

Medium 25<s,<50 500 <5, < 1000

Stiff 50 <5, < 100 1000 < 5, < 2000

Very Stiff 100 <5, <200 2000 < 5, < 4000

Hard s5,2200 5,2 4000

If the shear strength of the soil has not been determined, then the consistency of the clay can be
estimated in the field or laboratory based on the following:

Very soft. The clay is easily penetrated several centimeters by the thumb. The clay oozes out
between the fingers when squeezed in the hand.

Soft. The clay is easily penetrated about 1 in. (2 to 3 cm) by the thumb. The clay can be mold-
ed by slight finger pressure.

Medium. The clay can be penetrated about 0.4 in. (1 cm) by the thumb with moderate effort.
The clay can be molded by strong finger pressure.

Stiff.  The clay can be indented about 0.2 in. (0.5 cm) by the thumb with great effort.
Very stiff.  The clay cannot be indented by the thumb, but can be readily indented with the thumbnail.
Hard. With great difficulty, the clay can only be indented with the thumbnail.

The estimates of the consistency of clay as listed above should only be used for classification pur-
poses and never be used as the basis for engineering design parameters.

Sand Density Condition For sands, the density state of the soil varies from very loose to very
dense (see Table 2.6).

Soil Moisture Condition The moisture condition of the soil should also be listed. Moisture condi-
tions vary from a dry soil to a saturated soil. The moisture condition of a soil (i.e., the degree of sat-
uration) will be further discussed in Sec. 4.3. Especially in the arid climate of the southwestern
United States, soil may be in a dry and powdery state. Often these soils are misclassified as silts,
when in fact they are highly plastic clays. It is always important to add water to dry or powdery soils
in order to assess their plasticity characteristics.

Additional Descriptive Items USCS is only applicable for soil and rock particles passing the 3-in.
(75 mm) sieve. Cobbles and boulders are larger than 3 in. (75 mm), and if applicable, the words “with
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cobbles” or “with boulders” should be added to the soil classification. Other descriptive terminology
includes the presence of rock fragments, such as crushed shale, claystone, sandstone, siltstone, or mud-
stone fragments, and unusual constituents such as shells, slag, glass fragments, and construction debris.

An example of a complete soil classification and description for the soil having the grain size dis-
tribution and Atterberg limits test data in Fig. 4.3 is as follows:

Clayey sand (SC). Based on dry mass, the soil contains 13.8 percent gravel size particles, 48.7
percent sand size particles, 19.5 percent silt size particles, and 18.0 percent clay size particles.
The gravel size particles are predominately hard and angular rock fragments. The sand size par-
ticles are predominately composed of angular quartz grains. Atterberg limits performed on the
soil passing the No. 40 sieve indicate a LL. = 28 and a PI = 15. The in situ soil has a reddish-
brown color, soft consistency, gritty texture, and is wet.
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FIGURE 4.3 Grain size and Atterberg limits test data (plot developed by gINT computer program).
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For further details on the USCS, see ASTM D 2487-00 (2004), “Standard Practice for Classification
of Soils for Engineering Purposes (Unified Soil Classification System).”

4.2.4 AASHTO Soil Classification System

This classification system was developed by the American Association of State Highway and
Transportation Officials (see Table 4.2). Inorganic soils are divided into seven groups (A-1 through
A-7) with the eighth group (A-8) reserved for highly organic soils. Soil types A-1, A-2, and A-7 have
subgroups as indicated in Table 4.2.

Those soils having plastic fines can be further categorized by using the group index (defined in
Table 4.2). Groups A-1-a, A-1-b, A-3, A-2-4, and A-2-5 should be considered to have a group index
equal to zero. According to AASHTO, the road supporting characteristics of a subgrade may be
assumed as an inverse ratio to its group index. Thus a road subgrade having a group index of 0 indi-
cates a good subgrade material that will often provide good drainage and adequate bearing when
thoroughly compacted. A road subgrade material that has a group index of 20 or greater indicates
a very poor subgrade material that will often be impervious and have a low bearing capacity.

Figure 4.4 shows the plasticity chart and a comparison of the classification of fine-grained soil
per the USCS versus silt-clay materials per AASHTO. For further information on the AASHTO soil
classification system, see ASTM D 3282-97 (2004), “Standard Practice for Classification of Soils
and Soil-Aggregate Mixtures for Highway Construction Purposes.”

4.25 USDA Textural Soil Classification System

Figure 4.5 presents the simple textural classification system per the U.S. Department of Agriculture
(1975), where “percent sand” is defined as the percentage of soil particles between 2.0 and 0.050 mm
in size, “percent silt” is defined as the percentage of soil particles between 0.050 and 0.002 mm, and
“percent clay” is defined as the percentage of soil particles finer than 0.002 mm. Note that the defi-
nitions of sand and silt size particles differ from those used in the other classification systems. If a
soil contains a significant soil fraction larger than 2.0 mm, the textural classification is preceded with
the term gravely for soil fragments up to 76 mm in diameter, cobbly for rock fragments between 76
and 250 mm, and stony or bouldery for rock fragments larger than 250 mm.

4.2.6 Organic Soil Classification System

Table 4.3 presents a classification system for organic materials. As indicated in Table 4.3, there are
four major divisions, as follows:

1. Organic matter. These materials consist almost entirely of organic material. Examples include
fibrous peat and fine-grained peat.

2. Highly organic soils. These soils are composed of 30 to 75 percent organic matter mixed with
mineral soil particles. Examples include silty peat and sandy peat.

3. Organic soils. These soils are composed of 5 to 30 percent organic material. These soils are typ-
ically classified as organic soils of high plasticity (OH, i.e., LL > 50) or low plasticity (OL, i.e.,
LL < 50) and have a ratio of liquid limit (oven-dried soil) divided by liquid limit (not dried soil)
that is less than 0.75 (see Table 4.1).

4. Slightly organic soils. These soils typically have less than 5 percent organic matter. Per the
USCS, they have a ratio of liquid limit (oven-dried soil) divided by liquid limit (not dried soil)
that is greater than 0.75. Often a modifier, such as slightly organic soil, is used to indicate the
presence of organic matter.

Also included in Table 4.3 is the typical range of laboratory test results for the four major divisions
of organic material. As indicated in Table 4.3, the water content w increases and the total unit weight
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TABLE 4.2 AASHTO Soil Classification System

SOIL MECHANICS

AASHTO
Major divisions Group symbol Typical names Sieve analysis (percent passing) Atterberg limits
Granular A-1 A-1-a Stone or gravel fragments Percent passing: no. 10 < 50 percent PI<6
materials no. 40 <30 percent no. 200 < 15 percent
(35 percent A-1-b Gravel and sand mixtures No. 40 < 50 percent no. 200 < 25 percent PI<6
or less passing A-3 A-3 Fine sand that is nonplastic No. 40 > 50 percent no. 200 < 10 percent PI = 0 (nonplastic)
no. 200 sieve) A-2-4 Silty gravel and sand Percent passing no. 200 sieve < 35 percent LL <40 PI<10
A-2 A-2-5 Silty gravel and sand Percent passing no. 200 sieve < 35 percent LL>40 PI<10
A-2-6 Clayey gravel and sand Percent passing no. 200 sieve < 35 percent LL <40 PI>10
A-2-7 Clayey gravel and sand Percent passing no. 200 sieve < 35 percent LL>40 PI>10
Silt-clay A-4 A-4 Silty soils Percent passing no. 200 sieve > 35 percent LL<40 PI<10
materials A-5 A-5 Silty soils Percent passing no. 200 sieve > 35 percent LL>40 PI<10
(More than A-6 A-6 Clayey soils Percent passing no. 200 sieve > 35 percent LL <40 PI>10
35 percent A7 A-7-5 Clayey soils Percent passing no. 200 sieve > 35 percent LL>40 PI<LL-30
passing no. PI> 10
200 sieve)
A-7-6 Clayey soils Percent passing no. 200 sieve > 35 percent LL>40 PI>LL-30
PI> 10
Highly organic A-8 A-8 Peat and other highly Primarily organic matter, dark in color, and organic odor

organic soils

Notes:

bottom of the chart, and the first group that meets the particle size and Atterberg limits criteria is the correct classification.

]

. Classification procedure. First decide to which of the three main categories (granular materials, silt-clay materials, or highly organic) the soil belongs. Then proceed from the top to the

. Group index = (F - 35)[0.2 + 0.005(LL — 40)] + 0.01(F — 15)(PI — 10), where F = percent passing no. 200 sieve, LL = liquid limit, and PI = plasticity index. Report group index to near-

est whole number. For negative group index, report as 0. When working with A-2-6 and A-2-7 subgroups, use only the PI portion of the group index equation.

W

v

. Atterberg limits tests are performed on soil passing the no. 40 sieve. LL = liquid limit, PL = plastic limit, and PI = plasticity index.

. AASHTO definitions of particle sizes are as follows: Boulders: above 75 mm; gravel: 75 mm to no. 10 sieve; coarse sand: no. 10 to no. 40 sieve; fine sand: no. 40 to no. 200 sieve; and
silt-clay size particles: material passing no. 200 sieve.

. Example: An example of an AASHTO classification for a clay is A-7-6 (30), or group A-7, subgroup 6, group index 30.
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TABLE 4.3 Soil Classification for Organic Soil

SOIL MECHANICS

Major Organic USCS Typical Distinguishing characteristics for Typical range of laboratory
divisions content symbol names visual identification test results
Organic 75-100 percent PT Fibrous peat Lightweight and spongy. Shrinks w = 500-1200 percent
matter organics (either (woody, mats, considerably on air drying. Much ¥, = 9.4-11 kN/m?* (60-70 pcf)
visible for and the like) water squeezes from sample G=12-1.8 C/(1+ey)=040
inferred) PT Fine-grained peat Lightweight and spongy. Shrinks w = 400-800 percent PI = 200-500
(amorphous) considerably on air drying. Much 7, = 9.4-11 kN/m?* (60-70 pcf)
water squeezes from sample G=12-18 C/(1+ey)=035
Highly organic 30-75 percent PT Silty peat Relatively lightweight, spongy. w = 250-500 percent PI=150-350
soils organics (either Shrinks on air drying. Usually can ¥, = 10-14 kKN/m? (65 to 90 pcf)
visible or readily squeeze water from sample G=18-23 C/(1+ey)=03-04
inferred) PT Sandy peat Sand fraction visible. Shrinks on air w = 100400 percent PI=50-150
drying. Often a “gritty” texture. Usually 7, =11-16 kN/m? (70-100 pcf)
can squeeze water from sample G=1824 C/(1+ey)=02-03
Organic soils 5-30 percent OH Clayey organic silt Often has strong hydrogen sulfide w = 65-200 percent PI=50-150
organics (either (H,S) odor. Medium dry strength ¥, = 11-16 kN/m? (70-100 pcf)
visible or and slow dilatancy. G=23-26 C/(1+ey)=02-035
inferred) OL Organic sand or silt Threads weak and friable near plastic w = 30-125 percent PI=NP-40
limit, or will not roll at all. Low dry Y, =14-17 kN/m? (90 to 110 pcf)
strength, medium to high dilatancy G=24-26 C/(1+ey)=0.1-0.25
Slightly Less than 5 Use Soil with slight Depends on characteristics of inorganic Depends on characteristics of
organic soils percent organics Table 4.1 organic fraction fraction inorganic fraction

Source:  NAVFAC DM-7.1 (1982), based on unpublished work by Ayers and Plum.

Notes: w = in situ water content, PI = plasticity index, NP = nonplastic, ¥, = total unit weight, G = specific gravity (soil minerals plus organic matter), C_= compression index, e, = initial
void ratio, and C/(1+e)= modified compression index.
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7, decreases as the organic content increases. The specific gravity G includes the organic matter, hence
the low values for highly organic material. The compression index C, is discussed in Chap. 8.

4.2.7 Description of Frozen Soil

Table 4.4 presents a description of frozen soil. The procedure is used in conjunction with the USCS.
Thus a frozen soil would be provided with two group symbols, the first group symbol relating to the
soil classification (Table 4.1) and the second group symbol delineating the frozen condition of the
soil (Table 4.4). As an example, see the boring log for frozen soil presented in Fig. 2.33.

The process of describing frozen soil is based on a three-part identification process, as follows:

Part I: Description of the soil phase. The soil phase is classified in accordance with the USCS
(Table 4.1).

Part II: Description of the frozen soil. Frozen soils where ice is not visible to the unaided eye
are designed by the group symbol N and are divided into two subgroups as indicated in Table 4.4.
Frozen soils in which significant segregated ice is visible to the unaided eye, but individual ice
masses or layers are less than 1 in. (25 mm) in thickness, are designated by the group symbol V
and are divided into five subgroups as shown in Table 4.4.

Part I1I: Description of substantial ice strata. If the subsurface exploration reveals ice strata that
are greater than 1 in. (25 mm) in thickness, they are designated by the group symbol /CE and
divided into two subgroups as shown in Table 4.4.

For additional details concerning the classification system for frozen soil, see ASTM D 4083-01
(2004), “Standard Practice for Description of Frozen Soils (Visual-Manual Procedure).”

4.2.8 Rock Classification

The purpose of this section is to provide a brief introduction to rock classification. There are three
basic types of rocks: igneous, sedimentary, and metamorphic. Because of their special education and
training, usually the best person to classify rock is the engineering geologist. Table 4.5 presents a
simplified rock classification and common rock types.

In addition to determining the type of rock, it is often important to determine the quality of the
rock, which is related to its degree of weathering, defined as follows:

Fresh No discoloration or oxidation.

Slightly Weathered Discoloration or oxidation is limited to surface of, or short distance from, frac-
tures; some feldspar crystals are dull.

Moderately Weathered Discoloration or oxidation extends from fractures, usually throughout, Fe
and Mg minerals are rusty and feldspar crystals are cloudy.

Intensely Weathered Discoloration or oxidation throughout; all feldspars and Fe and Mg minerals
are altered to clay to some extent; or chemical alteration produces in situ disaggregation.

Decomposed Discolored or oxidized throughout, but resistant minerals such as quartz may be
unaltered; all feldspars and Fe and Mg minerals are completely altered to clay.

Besides degree of weathering, a measure of the quality of rock is its hardness, which has been
correlated with the unconfined compressive strength of rock specimens. Table 4.6 lists hardness of
rock as a function of the unconfined compressive strength. Because the unconfined compressive
strength is performed on small rock specimens, in most cases, it will not represent the actual condi-
tion of in situ rock. The reason is due to the presence of joints, fractures, fissures, and planes of
weakness in the actual rock mass that govern its engineering properties, such as deformation char-
acteristics, shear strength, and permeability. The unconfined compressive test also does not consider
other rock quality factors, such as its resistance to weathering or behavior when submerged in water.
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TABLE 4.4 Description of Frozen Soil

SOIL MECHANICS

Subgroup
Description Group
of frozen soil symbol Description Symbol Field identification
Ice not visible N Poorly bonded N, /¢ N, Identify by visual examination. To determine presence of
or friable excess ice, place some frozen soil in a small jar, allowing it
Well-bonded N, Ny to melt, and observing the quantity of supernatant water
No excess ice as a percentage of total volume. Also use hand-magnifying lens
Excess ice as necessary. For soil not fully saturated, estimate degree of
ice saturation: medium, low. Note presence of crystals or of
ice coatings around larger particles.

Visible ice less \%4 Individual ice crystal V. For ice phase, record the following when applicable: location,
than 1 in. or inclusions orientation, thickness, length, spacing, hardness, structure,
(25 mm) thick Ice coatings V. color, size, shape, and pattern.

on particles Estimate volume of visible segregated ice present as
Random or irregularly V. percentage of total sample volume.

oriented ice formations
Stratified or distinctly v,

oriented ice formations
Uniformly distributed ice v,

Visible ice ICE Ice with soil inclusions ICE + Designate material as /CE. Where special forms of ice such as
strata greater soil type hoarfrost can be distinguished, more explicit description
than 1 in. Ice without soil ICE should be given. Use descriptive terms as follows (usually one

(25 mm) thick inclusions

item from each group, when applicable):

1. Hardness: hard, soft (of mass, not individual crystals).

2. Color (examples): colorless, gray, blue.

3. Structure: Clear, cloudy, porous, candled, granular, stratified
4. Admixtures (example): contains few thin silt inclusions

Source:  ASTM D 4083-01 (2004).

4.15
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TABLE 4.5 Simplified Rock Classification

Common igneous rocks

Major division

Secondary divisions

Rock types

Extrusive Volcanic explosion debris (fragmental) Tuff (lithified ash) and volcanic breccia
Lava flows and hot siliceous clouds Obsidian (glass), pumice, and scoria
Lava flows (fine-grained texture) Basalt, andesite, and rhyolite
Intrusive Dark minerals dominant Gabbro
Intermediate (25-50 percent Diorite
dark minerals)
Light color (quartz and feldspar) Granite

Common sedimentary rocks

Major division

Texture (grain size) or chemical composition

Rock types

Clastic rockss*

Grain sizes larger than 2 mm (pebbles,
gravel, cobbles, and boulders)
Sand-size grains, 0.062—-2 mm
Silt-size grains, 0.004-0.062 mm
Clay-size grains, less than 0.004 mm

Conglomerate (rounded cobbles) or
breccia (angular rock fragments)

Sandstone

Siltstone

Claystone and shale

Chemical and Carbonate minerals (e.g., calcite) Limestone
organic rocks Halite minerals Rock salt
Sulfate minerals Gypsum
Iron-rich minerals Hematite
Siliceous minerals Chert
Organic products Coal
Common metamorphic rocks
Major division Structure (foliated or massive) Rock types
Coarse crystalline Foliated Gneiss
Massive Metaquartzite
Medium crystalline Foliated Schist
Massive Marble, quartzite, serpentine, soapstone
Fine to microscopic Foliated Phyllite, slate
Massive Hornfels, anthracite coal

*Grain sizes correspond to the Modified Wentworth scale.

For example, the author has observed complete disintegration (in only a few seconds) of the Friars
formation claystone, which contains montmorillonite, when submerged in water.

Another measure of the quality of the rock is the rock quality designation (RQD), which is com-
puted by summing the lengths of all pieces of the core (NX size) equal to or longer than 4 in. (10 cm)
and dividing by the total length of the core run. The RQD is multiplied by 100 and expressed as a

percentage. The mass rock quality can be defined as follows:

RQD = 0-25%, rock quality is defined as very poor
RQD =25-50%, rock quality is defined as poor
RQD = 50-75%, rock quality is defined as fair

RQD = 75-90%, rock quality is defined as good
RQD = 90-100%, rock quality is defined as excellent
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TABLE 4.6 Hardness of Rock Versus Unconfined Compressive Strength

Hardness q, Rock description

Very soft 10-250 tsf The rock can be readily indented, grooved, or gouged with fingernail, or
carved with a knife. Breaks with light manual pressure. The rock
disintegrates upon the single blow of a geologic hammer.

Soft 250-500 tsf The rock can be grooved or gouged easily by a knife or sharp pick with
light pressure. Can be scratched with a fingernail. Breaks with light to
moderate manual pressure.

Hard 500-1000 tsf  The rock can be scratched with a knife or sharp pick with great
difficulty (heavy pressure is needed). A heavy hammer blow is
required to break the rock.

Very hard 1000-2000 The rock cannot be scratched with a knife or sharp pick. The rock can be
tsf broken with several solid blows of a geologic hammer.
Extremely hard >2000 tsf The rock cannot be scratched with a knife or sharp pick.

The rock can only be chipped with repeated heavy hammer blows.

Notes:

1. One measure of the quality of rock is its hardness, which has been correlated with the unconfined compressive strength of
rock specimens. This table lists hardness of rock as a function of the unconfined compressive strength g,. Because the
unconfined compressive strength is performed on small rock specimens, in most cases, it will not represent the actual con-
dition of in situ rock. The reason is the presence of joints, fractures, fissures, and planes of weakness in the actual rock
mass which govern its engineering properties, such as deformation characteristics, shear strength, and permeability. The
unconfined compressive test also does not consider other rock quality factors, such as its resistance to weathering or behav-
ior when submerged in water.

2. g, = unconfined compressive strength (tsf) of the rock. 1 tsf is approximately equal to 100 kPa.

Sources: Basic Soils Engineering (Hough 1969) and Engineering Geology Field Manual (1987).

When calculating the RQD, only the natural fractures should be counted and any fresh fractures due
to the sampling process should be ignored. RQD measurements can provide valuable data on the qual-
ity of the in situ rock mass, and can be used to locate zones of extensively fractured or weathered rock.

There are many excellent publications on the identification, sampling, and laboratory testing of
rock. For example, the Engineering Geology Field Manual (U.S. Department of the Interior, 1987)
provides guidelines on the performance of fieldwork leading to the development of geologic con-
cepts and reports. This manual also provides a discussion of geologic mapping, discontinuity rock
surveys, sampling and testing methods of rock, and provides instructions for core logging.

4.3 PHASE RELATIONSHIPS

Phase relationships are also known as weight-volume relationships. In essence, the phase relation-
ships provide a mathematical description of the soil and they are used in engineering analyses.
Certain phase relationships have been already described in Sec. 3.2, including water content, total
unit weight, and specific gravity. This section describes those phase relationships that cannot be
determined in a laboratory, but instead must be calculated, such as the volume of voids, void ratio,
porosity, and degree of saturation.

Volume of Voids.  As indicated in Fig. 3.1, the volume of voids V, is defined as:
V=V, +V, 4.7)

where V, = volume of voids (ft* or m?)
V, = volume of gas (air) as defined in Fig. 3.1 (ft®> or m?)
V' = volume of water as defined in Fig. 3.1 (ft or m%)

W
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Void Ratio and Porosity. The void ratio e and porosity n are defined as:

|4
e=— 4.8
v (4.8)
V,
n=— 4.9
v (4.9)
where e = void ratio (dimensionless)
n = porosity (dimensionless), sometimes expressed as a percentage
V. = volume of soil solids as defined in Fig. 3.1 (ft* or m%)
V = total volume of the soil as defined in Fig. 3.1 (ft or m®)
The void ratio e and porosity n are related as follows:
e=—" and n=—— (4.10)
1-n 1+e

The void ratio and porosity indicate the relative amount of void space in a soil. The lower the
void ratio and porosity, the denser the soil (and vice versa). The natural soil having the lowest void
ratio is probably till. For example, a typical value of dry density for till is 146 pcf (2.34 Mg/m?),
which corresponds to a void ratio of 0.14 (NAVFAC DM-7.1, 1982). A typical till consists of a well-
graded soil ranging in particle sizes from clay to gravel and boulders. The high density and low void
ratio are due to the extremely high stress exerted by glaciers (Winterkorn and Fang, 1975). For com-
pacted soil, the soil type with typically the lowest void ratio is well-graded decomposed granite
(DG). A typical value of maximum dry density (Modified Proctor) for a well-graded DG is 137 pcf
(2.20 Mg/m?), which corresponds to a void ratio of 0.21. In general, the factors needed for a very
low void ratio for compacted and naturally deposited soil are (Aberg, 1996; Day, 1997a):

. A well-graded grain-size distribution
. A high ratio of D, /D, (ratio of the largest and smallest grain sizes)
. Clay particles (having low activity) to fill in the smallest void spaces

W N =

. A process, such as compaction or the weight of glaciers, to compress the soil particles into dense
arrangements

At the other extreme are clays, such as sodium montmorillonite, which at low confining pressures can
have a void ratio of more than 25. Highly organic soil, such as peat, can have an even higher void ratio.

Degree of Saturation The degree of saturation S is defined as:

100V,

S(%) = 4.11)

v

where S = degree of saturation (dimensionless), usually expressed as a percentage
V= volume of water as defined in Fig. 3.1 (ft® or m?)
V., = volume of voids, from Eq. 4.7
The degree of saturation indicates the degree to which the soil voids are filled with water. A totally
dry soil will have a degree of saturation of 0 percent, while a saturated soil, such as a soil below the
groundwater table, will have a degree of saturation of 100 percent. Typical ranges of degree of sat-
uration versus soil condition are as follows (Terzaghi and Peck, 1967):

Dry S=0%
Humid S =1-25%
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Damp S =26-50%
Moist S=51-75%
Wet S =76-99%

Saturated S=100%

If a soil is obtained below the groundwater table or after submergence in the laboratory, the degree
of saturation is often assumed to be 100 percnt and then phase relationships (such as the void ratio)
are back calculated. However, for soil below the groundwater table, a better approach is to use the
degree of saturation as a final check on the accuracy on the laboratory test data (i.e.,y, w, and G ).

Relative Density. The relative density is a measure of the density state of a nonplastic soil. The rel-
ative density can only be used for soil that is nonplastic, such as sands and gravels. The relative den-
sity (D, in percent) is defined as:

e .. —ée
D, (%) =100 —=—— (4.12)

€max ~ €min

where e = void ratio corresponding to the loosest possible state of the soil, usually obtained by
pouring the soil into a mold of known volume (ASTM D 4254-00, 2004)
e,... = void ratio corresponding to the densest possible state of the soil, usually obtained by
vibrating the soil particles into a dense state (ASTM D 4253-00, 2004)
e = the natural void ratio of the soil

The density state of the natural soil can be described as follows (Lambe and Whitman, 1969):

D =0-15% Very loose condition
D, =15-35% Loose condition

D, =35-65% Medium condition
D, =65-85% Dense condition

D, =85 to 100% Very dense condition

The relative density D should not be confused with the relative compaction (RC), which will be
discussed in Chap. 15. The relative density D, of an in situ granular soil can be estimated from the
results of standard penetration tests (see Table 2.6). The relative density D of sands and gravels is
important because it is a primary factor in the amount of settlement due to applied foundation loads
or the liquefaction potential of submerged soil.

Useful Relationship. A frequently used method of solving phase relationships is to first fill in the
phase diagram shown in Fig. 3.1. Once the different mass and volumes are known, then the various
phase relationships can be determined. Another approach is to use equations that relate different
parameters. A useful relationship is as follows:

G,w=Se (4.13)

where G = specific gravity of soil solids (dimensionless), see Sec. 3.2.3
w = water content of the soil (percent), see Sec. 3.2.1
S = degree of saturation from Eq. 4.11 (percent)
e = void ratio from Eq. 4.8 (dimensionless)

Other useful relationships are presented in Tables 4.7 and 4.8. Table 4.7 presents useful mass and
volume relationships. Table 4.8 presents equations that can be used to calculate the total unit weight,
dry unit weight, saturated unit weight, and buoyant unit weight.
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Example Problem 4.1 A soil specimen has the following measured properties:

Total unit weight 7, = 121 pef (19.0 kN/m?)
Water content w = 18.0 percent
Specific gravity G, = 2.65

Calculate the parameters shown in Fig. 3.1 assuming that the total volume V=1 ft*and 1 m>.
Also calculate the dry unit weight , void ratio e, porosity n, and degree of saturation S.

Solution For United States Customary System, V =1 ft

oy, 121
1+w 1+0.18

Y4 =103 pcf

Y= % or  W,=y,V=(103pef)1ft’)=1031b
M,=W,=103 b
M, =Mw=(1031b)0.18) = 18 Ib

oW 18 e
(GH(y,) (2.65)(62.4)

v, _M,_ B _3p
p, 624 pcf

V. =V-V.-V =1-062-030=008 ft
For S, V=1m?

Y, 19
(1+w) (1+0.18)
W

Ya=<5 o W, =y,V=>16.1kN/m*)(1m*)=16.1kN

=16.1kN/m’

Ya

W.=M.a or MY:K:LkNZZI.64Mg
’ © a 9.81lm/sec

M, =M, w=(1.64 Mg)(0.18) = 0.30 Mg

Vi= L/ 16.1 =0.62 m’
(G)(y,) (2.65)(9.81)

v - M, _ 0.30 Mg3 ~030m’
p, 1.0Mg/m’

V,=V-V,~V,=1-062-030=008 m’

Void ratio, porosity, and degree of saturation:

_V, _(,+V,) _(0.30+0.08)

v

v, 7 0.62

s

=0.61

_V, _(0.30+0.08)

v

Vv 1.0

_(G)(w) _ (2.65)(0.180)
T e o6l

=0.38 0or 38%

S =0.78 or 78%

4.20
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TABLE 4.7 Mass and Volume Relationships (see Figure 3.1 for definition of terms)

Parameter Relationships
M M,
Mass Mass of solids M M, =——= MG, _ G,Vp, (1-n)
1+w eS
M
Mass of water 57 M, = eG—SS =wM;=Sp,V,
s
Total mass M M=M+M =M(l+w)
Volume Volume of solids V, = M, = 2 = A =Vl-m=V-(V,+V,)
: P, lte e
Volume of water V,, = M, _ Sve =SVie=SV, =V, -V,
» lte :
1-
Volume of gas V, = (lﬂ =(1-S)Ve=V-(V,+V,)=V, -V,
+e
_— Vi M
Volume of voids V, = Sy :kz\/se:V—VS
1-n G,p, l+e
Total volume V=—2—= Y0¥ _y o)y 1y 4y,
-n e

4.4 EFFECTIVE STRESS

Having described the soil in terms of a written description (soil classification) and mathematical
description (phase relationships), the next step in the analysis is often to determine the stresses act-
ing on the soil. This is important because most of foundation engineering deals with a change in
stress of the soil. For example, the construction of a building applies an additional stress onto the soil
supporting the foundation, which results in settlement of the building.

Stress is defined as the load divided by the area over which it acts. In geotechnical engineer-
ing, a compressive stress is considered positive and tensile stress is negative. Stress and pressure
are often used interchangeably in geotechnical engineering. When using the International System
of Units (SI), the units for stress are kPa. In the United States Customary System, the units for
stress are psf (pounds-force per square foot). Stress expressed in units of kg/cm? is used in some
figures in this book (e.g., see Figs. 2.39 and 2.41). One kg/cm? is approximately equal to 1 ton per
square foot (tsf).

Effective Stress Equation. The effective stress equation (0’ = ¢ — u) has been previously defined
in Eq. 3.8. Many engineering analyses use the vertical effective stress, also known as the effective
overburden stress, which is designated o"L or 0'; .- In this case, Eq. 3.8 becomes:

o =0 —u (4.14)
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TABLE 4.8 Unit Weight Relationships (see Fig. 3.1 for definition of terms)

Parameter Relationships

. . W, +W, Gyy,d+w)
Total unit weight == Y= —sw

g " \%4 1+e
Dry unit weight v, Y4 :KZ%ZL
V. 14+e 1+w
. . W, +Vy, (G+ , Gy, 1+

Saturated unit weight y_, Yoar =— o (G *oy, = yGal)

Vv l+e 1+Gyw

Note: The total unit weight 7, is equal to the saturated unit weight y, when
all the void spaces are filled with water (that is, S = 100 percent).

Buoyant unit weight v, Y%= Y= Yo
g, = Yu(G =D _7.(G=D
b l+e 1+Gw

Note: The buoyant unit weight is also known as the submerged unit weight.

Notes:

1. In the equations listed here and in Table 4.7, water content w and degree of saturation S must be expressed as a decimal
(not as a percentage).

2. p,, = density of water (1.0 Mg/m?, 62.4 pcf) and ¥, = unit weight of water (9.81 kN/m?, 62.4 pcf).

3. In the U.S. Customary System, it is common to concurrently use pounds to represent both a unit of mass M and a unit of
force W. Thus the density of water (mass per unit volume: p, = 62.4 pcf) has the same numerical value as the unit weight
of water (weight per unit volume: ¥, = 62.4 pcf). In SI, the mass M is multiplied by the acceleration of gravity (a = 9.81 m/s?)
in order to obtain the weight (W = Ma). Thus the density of water p, equals 1.0 Mg/m® or 1.0 g/cm?, and the unit weight
of water ¥, equals 9.81 kN/m3.

where 0': = vertical effective stress (psf or kPa)
o, = vertical total stress (psf or kPa)
u = pore water pressure (psf or kPa)

Total Stress. For the condition of a uniform soil and a level ground surface (geostatic condition),
the vertical total stress at any depth below the ground surface is:

c,=7z (4.15)

where o, = vertical total stress (psf or kPa)
7, = total unit weight of the soil (pcf or kN/m?)
z = depth below ground surface (ft or m)

Suppose a uniform soil deposit has a total unit weight of 120 pcf (18.9 kN/m?). At a depth of 10 ft
(3.0 m), the total vertical stress would be 120 pcf times 10 ft, or 1200 psf (57 kPa).

The more common situation is that there will be various soil layers, each having a different total
unit weight. In order to calculate the vertical total stress, multiply the layer thickness times its cor-
responding total unit weight and then add together all the layers.

Pore Water Pressure. For dry sand, the pore water pressure is zero. This is because there is no
water in the soil pores and hence there is no water pressure. In this case with the pore water pressure
u equal to zero, the total stress is equal to the effective stress per Eq. 3.8.

The usual case is that there will be water in the void spaces between the soil particles. For the
condition of a soil below a groundwater table and for hydrostatic water pressure (i.e., no groundwater
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flow or excess pore water pressures), the pore water pressure is:
U=y z (4.16)

where u = pore water pressure (psf or kPa)
¥, = unit weight of water (62.4 pcf or 9.81 kN/m?)
z,, = depth below the groundwater table (ft or m)

Suppose the uniform soil deposit previously discussed has a groundwater table corresponding to
the ground surface. At a depth of 10 ft (3.0 m), the pore water pressure would be 62.4 pcf (9.81
kN/m?) times 10 ft, or 624 psf (29 kPa).

Calculation of Vertical Effective Stress. By knowing the vertical total stress (Eq. 4.15) and the
pore water pressure (Eq. 4.16), the vertical effective stress ¢’ can be calculated at any depth below
the ground surface by using Eq. 4.14. Using the prior example of a uniform soil deposit having a
groundwater table at ground surface, the vertical effective stress at a depth of 10 ft (3.0 m) would be:

0/ =0, - u=1200 — 624 = 576 psf (28 kPa)

An alternative method is to use the buoyant unit weight ¥, to calculate the vertical effective stress.
Using the prior example of a groundwater table at ground surface, the vertical effective stress o7 is
simply the buoyant unit weight ¥, times the depth below the ground surface or y, = 120 — 62.4 =
57.6 pcf times 10 ft, which equals 576 psf (28 kPa). More often, the groundwater table is below the
ground surface, in which case the vertical total stress of the soil layer above the groundwater table
must be added to the buoyant unit weight calculations.

The vertical effective stress ¢ is often plotted versus depth and included with the subsoil profile.
For example, in Fig. 2.39, the vertical effective stress o7 and the pore water pressure (defined as u
in Fig. 2.39) are plotted versus depth. Likewise in Figs. 2.40 and 2.41, the vertical effective stress,
also known as effective overburden stress, has been plotted versus depth.

For cases where there is flowing groundwater or excess pore water pressure due to the consoli-
dation of clay, the pore water will not be hydrostatic. Engineering analyses, such as seepage analy-
ses (Sec. 4.7) or the theory of consolidation (Chap. 8) can be used to predict the pore water pressure.
For some projects, piezometers can be installed to measure the pore water pressure u in the ground.

Capillarity. Soil above the groundwater table can be subjected to negative pore water pressure.
This is known as capillarity, also known as capillary action, which is the rise of water through soil
due to the fluid property known as surface tension. Due to capillarity, the pore water pressures are
less than atmospheric values produced by the surface tension of pore water acting on the meniscus
formed in the void spaces between the soil particles. The height of capillary rise (h,) is related to the
pore size of the soil, as follows (Hansbo, 1975):

Open graded gravel h.=0

Coarse sand h,=0.1-0.5 ft (0.03-0.15 m)
Medium sand h,=0.4-3.6 ft (0.12-1.1 m)
Fine sand h,=1.0-12 ft (0.3-3.5 m)
Silt h, = 5-40 ft (1.5-12 m)

Clay h, >33 ft (> 10 m)

As this data indicates, there will be no capillary rise for open graded gravel because of the large
void spaces between the individual gravel size particles. But for clay, which has very small void
spaces, the capillary rise can be in excess of 33 ft (10 m). If the soil is saturated above the ground-
water table, then the pore water pressure u is negative and can be calculated as the distance above
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the groundwater table & times the unit weight of water y,, or:
u=-vyh 4.17)

Capillary is important in the understanding of soil behavior. Because of the negative value of pore
water pressure due to capillarity, it essentially holds together the soil particles. For large size soil par-
ticles, such as gravel and coarse sand size particles, the effect of capillarity is negligible and the soil
particles simply fall apart (hence they are cohesionless). Medium to fine sands do have some capil-
larity, which is enough to build a sand castle at the beach, but this small capillarity is lost when the
sand becomes submerged in water or the sand completely dries.

Silt and clay size particles are so small that they are strongly influenced by capillarity. These fine
soil size particles can be strongly held together by capillarity, which give the soil the ability to be
remolded and rolled without falling apart (hence they are cohesive). Capillary is the mechanism that
gives a silt or clay its plasticity. When the remolded silt or clay is submerged in water, the capillary
tension is slowly eliminated and the soil particles will often disperse. The undrained shear strength
of silts and clays are strongly influenced by capillarity.

Cocfficient of Earth Pressure at Rest (k,). The preceding sections have discussed the vertical
effective stress o for soil deposits. For many geotechnical projects, it may be important to deter-
mine the in situ horizontal effective stress o;. For a level ground surface, the horizontal effective
stress can be calculated as:

0,=k, 0, (4.18)

where ¢’, = horizontal effective stress (psf or kPa)
k, = coefficient of lateral earth pressure at rest (dimensionless)
o’ = vertical effective stress from Eq. 4.14 (psf or kPa)

The value of k, is dependent on many factors, such as the soil type, density condition (loose ver-
sus dense), geological depositional environment (i.e., alluvial, glacial, and so forth), and the stress
history of the site (Massarsch et al. 1975; Massarsch 1979). The value of k  in natural soils can be
as low as 0.4 for soils formed by sedimentation and never preloaded, up to 3.0 or greater for some
heavily preloaded soil deposits (Holtz and Kovacs, 1981). For soil deposits that have not been sig-
nificantly preloaded, a value of k, = 0.5 is often assumed in practice, or the following equation is
used (Jaky 1944, 1948; Brooker and Ireland, 1965):

k =1—sin ¢/ (4.19)
where ¢ is the effective friction angle of the soil (degrees).

As an approximation, the value of k for preloaded soil can be determined from the following
equation (adapted from Alpan 1967; Schmertmann 1975; Ladd et al. 1977):

k =0.5 (OCR)"** (4.20)

where OCR is the overconsolidation ratio, defined as the largest vertical effective stress ever expe-
rienced by the soil deposit o"p divided by the existing vertical effective stress ¢’ . The overconsoli-
dation ratio (OCR) and the preconsolidation pressure o"p will be discussed in Chap. 8.

4.5 STRESS DISTRIBUTION

The previous section described methods that are used to determine the existing stresses within the soil
mass. This section describes commonly used methods to determine the increase in stress in the soil
deposit due to applied loads. This is naturally important in settlement analyses because the structure’s
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weight results in an increase in stress in the underlying soil. In most cases, it is the increase in verti-
cal stress that is of most importance in settlement analyses. The symbol o is often used to denote an
increase in vertical stress in the soil, although Ao, (change in total vertical stress) is also used.

When dealing with stress distribution, a distinction must be made between one-dimensional and
two- or three-dimensional loading. A one-dimensional loading applies a stress increase at depth that
is 100 percent of the applied surface stress. An example of a one-dimensional loading would be the
placement of a fill layer of uniform thickness and large area extent at ground surface. Beneath the
center of the uniform fill, the in situ soil is subjected to an increase in vertical stress o, that equals
the following:

0.=Ac,=hy, (4.21)

where 0, = Ao, = increase in vertical stress (psf or kPa)

h = thickness of the uniform fill layer (ft or m)
7, = total unit weight of the fill (pcf or kN/m?)

In this case of one-dimensional loading, the soil would only be compressed in the vertical direc-
tion (i.e., strain only in the vertical direction). Another example of one-dimensional loading is the
uniform lowering of a groundwater table. If the total unit weight of the soil does not change as the
groundwater table is lowered, then the one-dimensional increase in vertical stress for the in situ soil
located below the groundwater table would equal the following:

o = Ao, =hy, (4.22)

where /i = vertical distance that the groundwater table is uniformly lowered (ft or m) and ¥, = unit
weight of water (62.4 pcf or 9.81 kN/m?)

4.5.1 Shallow Foundations

Surface loadings can cause both vertical and horizontal strains, and this is referred to as two- or
three-dimensional loading. Common examples of two-dimensional loading are from strip footings or
long embankments (i.e., plane strain conditions). Examples of three-dimensional loading would be
square and rectangular footings (spread footings) and round storage tanks. This section describes
methods that can be used to determine the change in vertical stress for two-dimensional (strip foot-
ings and long embankments) and three-dimensional (spread footings and round storage tanks) load-
ing conditions. In these cases, the load usually dissipates rapidly with depth.

2:1 Approximation. A simple method to determine the increase in vertical stress with depth is the 2:1
approximation (also known as the 2:1 method). Figure 4.6 illustrates the basic principle of the
2:1 approximation. This method assumes that the stress dissipates with depth in the form of a trape-
zoid that has 2:1 (vertical:horizontal) inclined sides as shown in Fig. 4.6. The purpose of this method
is to approximate the actual pressure bulb stress increase beneath a foundation.

If a strip footing of width B has a concentric vertical load P per unit length of footing, then as
indicated in Fig. 4.6, the stress applied by the footing onto the soil o, would be:

P
o,=— 4.23
2 (4.23)

where o = vertical stress applied by the footing (psf or kPa)
P = concentric vertical load per unit length of footing (Ib per ft or kKN per m)
B = width of the strip footing (ft or m)
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FIGURE 4.6 2:1 approximation for the calculation of the increase in vertical stress at depth due to an
applied load P.

As indicated in Fig. 4.6, at a depth z below the footing, the vertical stress increase o, due to the
strip footing load would be:

P

O, = AGV = (424)
: B+z
For a rectangular spread footing, the applied footing stress ¢, would be:
o =L (4.25)
° BL

where o, = vertical stress applied by the footing (psf or kPa)
P = total concentric vertical load on the footing (Ib or kN)
B = width of the spread footing (ft or m)
L = length of the spread footing (ft or m)

Based on the 2:1 approximation, the vertical stress increase 0, at a depth of z below the rectan-
gular spread footing would be:

P

AG,=— (4.26)
(B+z)(L+2)

o,.=

For a circular foundation subjected to a total concentric vertical force of P and having a diame-
ter D, the vertical stress applied by the foundation o, and the vertical stress increase o, at a depth of
z below the circular footing would be:

P
O, =—— 4.27
? 1/47TD2 ( )
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o.=Ac,=— L (4.28)
) ]/4 n(D+z2)

A major advantage of the 2:1 approximation is its simplicity, and for this reason, it is probably
used more often than any other type of stress distribution method. The main disadvantage with the
2:1 approximation is that the stress increase under the center of a uniformly loaded area does not
equal the stress increase under the corner or side of the loaded area. The actual situation is that the
soil underlying the center of the uniform loaded area is subjected to higher vertical stress increase
than the soil underneath a corner or edge of the loaded area. Thus the 2:1 approximation is often only
used to estimate the average settlement of the loaded area. Different methods, such as stress distrib-
ution based on the theory of elasticity, can be used to calculate the change in vertical stress between
the center and corner of the loaded area.

Equations and Charts Based on the Theory of Elasticity. Equations and charts have been devel-
oped to determine the change in stress due to applied loads based on the theory of elasticity. The
solutions assume an elastic and homogeneous soil that is continuous and in static equilibrium. The
elastic solutions also use a specific type of applied load, such as a point load, uniform load, or lin-
early increasing load (triangular distribution). For loads where the length of the footing is greater
than five times the width, such as for strip footings, the stress distribution is considered to be plane
strain. This means that the horizontal strain of the elastic soil only occurs in the direction perpen-
dicular to the long axis of the footing.

Although equations and charts based on the theory of elasticity are often used to determine the
change in soil stress, soil is not an elastic material. For example, if a heavy foundation load is applied
to a soil deposit, there will be vertical deformation of the soil in response to this load. If this heavy
load is removed, the soil will rebound but not return to its original height because soil is not elastic.
However, it has been stated that as long as the factor of safety against shear failure exceeds about 3,
then stresses imposed by the foundation load are roughly equal to the values computed from elastic
theory (NAVFAC DM-7.2, 1982).

In 1885, Boussinesq published equations based on the theory of elasticity. For a surface point
load Q applied at the ground surface such as shown in Fig. 4.7, the vertical stress increase at any
depth z and distance r from the point load, can be calculated by using the following Boussinesq
(1885) equation:

3
o.=Ac,= 30z

= 4.29
z v 277.'(7'2 +12)5/2 ( )

If there were a uniform line load Q (force per unit length), the vertical stress increase at a depth
z and distance r from the line load would be:

3
0.=Ac, = % (4.30)
n(r-+z%)

In 1935, Newmark performed an integration of Eq. 4.29 and derived an equation to determine the
vertical stress increase o, under the corner of a loaded area. Convenient charts have been developed
based on the Newmark (1935) equation. For example, the chart shown in Fig. 4.8 is easy to use and
consists of first calculating m and n. The value m is defined as the width of the loaded area x divided
by the depth to where the vertical stress increase o is to be calculated. The value 7 is defined as the
length of the loaded area y divided by the depth z. The chart is entered with the value of 7 and upon
intersecting the desired m curve, the influence value / is then obtained from the vertical axis. As indi-
cated in Fig. 4.8, vertical stress increase o is then calculated as the loaded area pressure g, times the
influence value /.
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FIGURE 4.7 Definition of terms for Eqs. 4.29 and 4.30.

Figure 4.8 can also be used to determine the vertical stress increase ¢, below the center of a rec-

tangular loaded area. In this case, the rectangular loaded area would be divided into four parts and
then Fig. 4.8 would be used to find the stress increase below the corner of one of the parts. By mul-
tiplying this stress by 4 (i.e., four parts), the vertical stress increase o, below the center of the total
loaded area is obtained. This type of analy51s is possible because of the principle of superposition for
elastic materials. To find the vertical stress increase o outside the loaded area, additional rectangular
areas can be added and subtracted as needed in order to model the loading condition.

Figures 4.9 to 4.14 present additional charts for different types of loading conditions based on the

integration of the original Boussinesq equations, as follows:

Square and continuous footings. Figure 4.9 can be used to find the vertical stress increase g
beneath square or continuous footings for a footing stress equal to g,. For the same footing stress
q,, the continuous footing induces a higher vertical stress at any depth than the square footing.

Circular foundation. Figure 4.10 presents a chart that can be used to calculate the stress
increase o, beneath a circular foundation exerting a uniform stress equal to ¢, An example of
such a loadmg would be from an oil tank.

Triangular load.  Figure 4.11 can be used to determine the vertical stress increase o, for a rec-
tangular footing subjected to a triangular load. An example would be a footing subjected to an
eccentric load.

Long embankment.  Figure 4.12 can be used to determine the vertical stress increase 0, beneath
the center of a long embankment by splitting the embankment down the middle and then multi-
plying the final result by 2 (i.e., two parts of the embankment).

Loaded area of any shape. Figure 4.13 presents a Newmark (1942) chart that can be used to
determine the vertical stress increase o, beneath a uniformly loaded area of any shape. There are
numerous influence charts, each having a different influence value. Figure 4.13 has an influence
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FIGURE 4.8 Chart for calculating the increase in vertical stress beneath the corner of a uniformly loaded
rectangular area. (From NAVFAC DM-7.1, 1982; reproduced from Holtz and Kovacs, 1981.)

value / of 0.005. The first step is to draw the loaded area onto the chart, using a scale where AB
equals the depth z. The center of the chart must correspond to the point where the increase in ver-
tical stress 0, is desired. The increase in vertical stress o, is then calculated as:

6.=q,IN 4.31)

where g, = applied uniform stress from the irregular area (psf or kPa)
I = influence value (0.005 for Fig. 4.13)
N = number of blocks within the irregular shaped area plotted on Fig. 4.13
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FIGURE 4.9 Pressure isobars based on the Boussinesq equation for square and strip footings.
Applicable only along line ab as shown. (From Bowles, 1982; reproduced with permission of
McGraw-Hill.)

When obtaining the value of N, portions of blocks are also counted. Note that the entire pro-
cedure must be repeated if the increase in vertical stress o, is needed at a different depth.

Irregular loads. Figure 4.14 presents a modification of the Newmark method that can be used
for loaded areas of irregular shape as well as irregular loads. The example shown in Fig. 4.14 is
for a uniform load of 2.0 tsf (192 kPa). For irregular loads, the process is to multiply the load at
given radii by the product of A times /.

In addition to the equations and charts described earlier, the theory of elasticity has been applied
to many other types of loading conditions (e.g., see Poulos and Davis, 1974).
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Example Problem 4.2 Assume a round storage tank will impose a surface load of 1000
psf (48 kPa) and the tank has a diameter of 100 ft (30.5 m). Determine the increase in vertical
stress o, at a depth z of 100 ft (30.5 m) directly beneath the center of the round storage tank.

Solution In this simple case, the diameter of the tank equals the depth z and thus a circle hav-
ing a diameter of AB is drawn on Fig. 4.13 with the center of the circle corresponding to the
center of Fig. 4.13. The number of blocks (N) within the circle drawn on Fig. 4.13 is 60, and
thus the increase in vertical stress ¢, at a depth of 100 ft (30.5 m) below the center of the tank
is equal to:

o, = (1000 psf)(0.005)(60) = 300 psf or 14 kPa
Figure 4.10 can be used as a check on these calculations. For Fig. 4.10, z/r = 2 and the offset

distance = 0. Using these values, the influence value (/) from Fig. 4.10 is 30 and by using the
equation listed in Fig. 4.10, the increase in vertical stress (0,) is equal to:

0, = (30)(1000 psf)/100 = 300 psf or 14 kPa

Using the 2:1 approximation (Eq. 4.28), the vertical stress o, is equal to 250 psf (12 kPa). The
2:1 approximation value is lower because it is an average value of the stress increase at a depth
of 100 feet (30.5 m).

I, stress in percent of surface contact pressure
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FIGURE 4.10 Chart for calculating the increase in vertical stress beneath a uniformly loaded circular area.
(From NAVFAC DM-7.1, 1982, and Foster and Ahlvin, 1954; reproduced from Holtz and Kovacs, 1981.)
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FIGURE 4.11 Chart for calculating the increase in vertical stress beneath the corner of a rectangular area
that has a triangular load. (From NAVFAC DM-7.1, 1982; reproduced from Holtz and Kovacs, 1981.)
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FIGURE 4.12  Chart for calculating the increase in vertical stress beneath the center of a very long embank-
ment. (From NAVFAC DM-7.1, 1982 and Osterberg, 1957; reproduced from Holtz and Kovacs, 1981.)

Layered Soil. Figure 4.15 presents the Westergaard (1938) analysis for a soft elastic material rein-
forced by numerous strong horizontal sheets. This chart was based on an elastic material that con-
tains numerous thin and perfectly rigid layers that allow for only vertical strain but not horizontal
strain. This chart may represent a better model for the increase in vertical stress o, for layered soils,
such as a soft clay deposit that contains numerous horizontal layers of sand.

Other useful charts are shown in Fig. 4.16. These charts can be used when there is a uniform cir-
cular loading of radius r underlain by two different layers. Both layers are assumed to have a
Poisson’s ratio of 0.25 (i.e., 4, = u, = 0.25). The steps in using these charts are as follows:
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FIGURE 4.13 Newmark chart for calculating the increase in vertical stress beneath a uni-
formly loaded area of any shape. (From Newmark, 1942; reproduced from Bowles, 1982.)

1. Needed data. The modulus of elasticity must be estimated for both soil layers (i.e., £, and E,).
Often the modulus of elasticity can be estimated from triaxial compression tests. The value of k
is calculated as the ratio of E| divided by E, (i.e., k=E/E )

2. Upper portion in Fig. 4.16. Calculate ¢, which is defined as o = r/H, where r is the radius of
the uniformly loaded circular area and H is the thickness of the upper soil layer. The upper chart
in Fig. 4.16 determines the vertical stress increase o, beneath the center of the circular area at the
location of the interface between the upper and lower soil layers. Enter the upper chart in Fig. 4.16

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)
Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



SOIL MECHANICS

SOIL MECHANICS 4.35
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FIGURE 4.14 Modification of the Newmark chart for calculating the increase in vertical stress beneath a loaded area of any shape. (From
Jimenez Salas, 1948; reproduced from NAVFAC DM-7.1, 1982.)
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FIGURE 4.15 Chart based on Westergaard theory for calculating the increase in vertical stress beneath
the corner of a uniformly loaded rectangular area. (From Duncan and Buchignani, 1976; reproduced from
Holtz and Kovacs,

with the value of k, intersect the appropriate o-curve, and then determine the influence value /
from the vertical axis. Then o is equal to / times p, where p is the magnitude of the uniform sur-

1981.)

face stress applied by the circular area.

3. Lower portion in Fig. 4.16. The lower three charts in Fig. 4.16 can be used to determine the
influence values at the center (r =0), edge (r = 1), and middle point (» = 0.5) of the circular loaded
area. The three lower charts in Fig. 4.16 can only be used to determine the influence value I for
the case where r = H (i.e., = 1.0). The value of o, is equal to / times p, where p is the magni-
tude of the uniform surface stress applied by the circular area.

Figure 4.16 can also be used for square footings by calculating the area of the square footing and

then using this area to determine the radius of an equivalent circular loading.
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FIGURE 4.16 Influence values for vertical stresses beneath uniformly loaded circular area underlain by two layers. (From

NAVFAC, DM-7.1, 1982.)
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Example Problem 4.3 A site consists of two layers of soil, where the upper layer is 10 ft
(3 m) thick. For both soil layers, assume i, = u, = 0.25. Also assume that the upper layer is
very soft and that E,/E, = 0.001 (i.e., k = 0.001). A proposed oil tank, 20 ft (6 m) in diameter,
will be situated at the site and the uniform loading from the oil tank is 2000 psf (96 kPa).
Determine the stress increase o, beneath the center of the tank Compare these values to Fig. 4.10
(i.e., uniform soil deposit) and the 2:1 approximation.

Solution The radius of the tank » = 20/2 = 10 ft and o = r/H = 1.0. Since r = H, the lower
charts in Fig. 4.16 can be used. Since p = x/H = 0/10 = 0, use the lower left chart in Fig. 4.16.

Influence
Depth (ft) Z/H value (/) o.=1 B Figure 4.10 2:1 Method

5 0.5 1.00 2000 psf 1750 pst 1280 pst
10 1.0 0.85 1700 pst 1300 psf 890 psf
15 1.5 0.62 1240 psf 900 psf 650 psf
20 2.0 0.40 800 psf 550 psf 500 psf
25 2.5 0.28 560 psf 420 psf 395 psf
30 3.0 0.20 400 pst 300 psf 320 psf

As can be seen by the above values, the situation of a soft layer over a denser layer will pro-
duce higher values of 0, as compared to a uniform soil deposit. Also the 2:1 approximation sig-
nificantly underestimates the value of o, at the center of the loaded area for the upper soft layer.

Guidelines. Use the following guidelines for stress distribution beneath shallow foundations:

1. If the soil beneath the shallow foundation is somewhat homogeneous, then use the Boussinesq
equations or charts. Usually the bottom of the foundation will be at a shallow depth below ground
surface. For this case, neglect the shallow embedment of the foundation and use the charts and
equations assuming the ground surface is at the bottom of the foundation. Also use the net foun-
dation pressure in the analysis.

2. If the soil beneath the shallow foundation is highly anistropic, or if there is a distinct horizontal
stratification, then use the Westergaard method (Fig. 4.15). For two layer materials, use Fig. 4.16.
Be aware that a softer layer over a denser layer will produce higher values of 0.

3. For quick results, use the 2:1 approximation. At any given depth, the 2:1 approximation provides
average values of o, (i.e., the value of o is the same at the center and edge of a uniformly loaded
area). Hence if the foundation is very flexible, the settlement at the center of the foundation could
be much greater than as predicted by using the 2:1 approximation.

45.2 Deep Foundations

Similar to solutions for shallow foundations, charts have been developed for estimating the distrib-
ution of stress beneath deep foundations. For example, Fig. 4.17 shows the pressure distributions for
pile foundations for four different soil conditions. These charts are valid for relatively rigid pile caps,
where the rigidity of the foundation system tends to restrict differential settlement across the pile
cap. In this case, the 2:1 approximation is ideal because with a relatively rigid foundation system, it
is desirable to calculate the average settlement of the pile cap. The four conditions in Fig. 4.17 are
individually discussed later:

Friction Piles in Clay. The upper left figure shows the pressure distribution for a pile group
embedded in clay. The load P that the pile cap supports is first turned into an applied stress ¢ by using
the following equation:
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FIGURE 4.17 Pressure distribution for deep foundations. (From NAVFAC DM-7.2, 1982.)
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where g = 0, = vertical stress (psf or kPa) applied by the deep foundation at a depth of (2/3)L

below ground surface, where L = length (ft or m) of the piles

P = total concentric vertical load (Ib or kN) on the pile cap. The maximum load the pile cap
can support is n times Q

n = number of piles that support the pile cap

0, = allowable vertical load for each pile (Ib or kN)
B = width of the pile group, taken to the outside edge of the group (ft or m)
A = length of the pile group, taken to the outside edge of the group (ft or m)

In essence, the 2:1 approximation starts at a depth of (2/3)L below ground surface. In Fig. 4.17,
it is assumed that there is a hard layer located below the clay. In this case, the compression or con-
solidation of the clay would be calculated for the thickness of H as defined in the upper left diagram
of Fig. 4.17.

Friction Piles in Sand Underlain by Clay. The upper right diagram in Fig. 4.17 shows the pile
group embedded in sand with two underlying clay layers. For this situation, two conditions would
have to be evaluated. The first is a bearing capacity failure of the pile group where it punches through
the sand and into the upper soft clay layer. The second condition is the compression or consolidation
of the two clay layers located below the pile group. Similar to the case outlined above, the 2:1
approximation is used to calculate the increase in vertical stress 0, due to the pile cap loading for the
two clay layers. '

Point Bearing Piles in Sand Underlain By Clay. The lower left diagram in Fig. 4.17 shows the
condition of a soft clay layer underlain by a sand stratum. The sand stratum provides most of the
vertical resistance and hence the pile group is considered to be point bearing (also known as end
bearing). For this case, the 2:1 approximation is assumed to start at the top of the sand layer and
is used to calculate the increase in vertical stress 0, due to the pile cap loading for the soft clay
layer.

Friction Piles in Clay With Recent Fill. The lower right diagram in Fig. 4.17 shows the con-
dition of piles embedded in clay with the recent placement of a fill layer at ground surface. In
this case, the piles will be subjected to a downdrag load due to placement of the fill layer. The
2:1 approximation is assumed to start at a distance of L, below the top of the clay layer, where
L, = (2/3)L,. The value of g applied at this depth includes two additional terms, the first is the
total unit weight of fill ¥, times the thickness of the fill L, and the second is the downdrag load
converted to a stress, defined as (n Q,))/(B A). The calculation of the downdrag load Q,, will be
discussed in Chap. 6.

If the pile caps are spaced close together, there could be additional settlement as the pressure dis-
tribution from one pile cap overlaps with the pressure distribution from a second nearby pile cap.

Example Problem 4.4 A 4 by 4 pile group supports a pile cap that is subjected to a con-
centric vertical load of 500 kips (2200 kN). The piles have a diameter of 1.0 ft (0.3 m) and are
spaced apart at a distance of 4 pile diameters in both directions. Assume the design situation is
as shown in the lower left of Fig. 4.17 (i.e., point bearing piles in sand underlain by clay). The
site consists of an upper 40 ft (12 m) thick layer of soft clay, underlain by a sand layer that is
10 ft (3 m) thick, which is in turn underlain by a 4 ft (1.2 m) thick soft clay layer. Determine
the vertical stress increase o, at the center of the 4 ft (1.2 m) thick soft clay layer.

(Continued)
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Solution

B = A = distance to outside edge of pile group

B = A = three times spacing of piles + 2 r = (3)(4)(1.0 ft) + (2)(0.5 ft) = 13 ft (4 m)

z = thickness of sand layer + !/, thickness of soft clay layer = 10 + (1/2) (4) = 12 ft (3.7 m)
From Eq. 4.26:

o = P ~(500)(1000)
T (B+2)(A+z2)  (13+12)(13+12)

=800 psf (38 kPa)

4.6 TOTAL STRESS AND EFFECTIVE STRESS ANALYSES

4.6.1

Introduction

Sections 3.4 and 3.5 have presented a discussion of shear strength tests performed in the laboratory.
As discussed in those sections, the shear strength of cohesionless soil is relatively simple and
straightforward, while the shear strength for cohesive soil is complex. The laboratory tests discussed
in Secs. 3.4 and 3.5 can generally be divided into two main categories:

1. Shear strength tests based on total stress. The purpose of these laboratory tests is to obtain
the undrained shear strength s, of the soil or the failure envelope in terms of total stresses (total cohe-
sion, ¢, and total friction angle, ¢). These types of shear strength tests are often referred to as
undrained shear strength tests. Examples include the vane shear test, unconfined compression test,
unconsolidated undrained triaxial test, and the consolidated undrained triaxial test. These types of
laboratory tests are performed exclusively on cohesive soils, such as silts and clays. Examples of the
types of laboratory data obtained from these types of tests are shown in Fig. 4.18, parts (a) and (b).
This type of shear strength is used in total stress analyses.

2. Shear strength tests based on effective stress. The purpose of these laboratory tests is to
obtain the effective shear strength of the soil based on the failure envelope in terms of effective stress
(effective cohesion, ¢’, and effective friction angle, ¢). These types of shear strength tests are often
referred to as drained shear strength tests. Examples include the direct shear test, consolidated
drained triaxial test, and the consolidated undrained triaxial test with pore water pressure measure-
ments. These types of tests can be performed on cohesive and cohesionless soils. Examples of the
types of laboratory data obtained from these types of tests on cohesive soil are shown in Fig. 4.18,
parts (c) and (d).

The drained residual shear strength is also classified as a shear strength test based on effective
stress, but it is reserved for cohesive soil. Shear strength based on effective stress is used in effective
stress analyses.

An understanding of total stress and effective stress analyses is essential in geotechnical engi-
neering and these two methods are used to evaluate all types of earth projects, such as slope stability,
earth pressure calculations, and foundation bearing capacity. The total stress and effective stress
analyses are defined as follows:

1. Total stress analyses. Total stress analyses use the undrained shear strength of the soil. Total
stress analyses are often used for the evaluation of foundations and embankments to be supported by
cohesive soil. The actual analyses are performed for rapid loading or unloading conditions often
encountered during the construction phase or just at the end of construction. These analyses are
applicable to field situations where there is a change in shear stress which occurs quickly enough so
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FIGURE 4.18 Summary of triaxial testing for cohesive soil. (¢) Data from unconsolidated undrained triaxial compres-
sion test; (b) data from consolidated undrained triaxial compression test; (¢) data from consolidated undrained triaxial
compression test with pore water pressure measurements, (d) stress paths. (Reproduced from NAVFAC DM-7.1, 1982.)

that the cohesive soil does not have time to consolidate, or in the case of heavily overconsolidated
cohesive soils, the negative pore water pressures do not have time to dissipate. For this reason, total
stress analyses are often termed short-term analyses. Total stress analyses use the total unit weight ¥,
of the soil and the pore water pressures, such as from a groundwater table, are not included in the
analyses.

Total stress analyses are also applicable when there is a sudden change in loading condition of a
cohesive soil. Examples include wind or earthquake loadings that exert compression or tension forces
on piles supported by clay strata, or the rapid draw-down of a reservoir that induces shear stresses
upon the clay core of the dam. Total stress analyses use the undrained shear strength s, of the cohe-
sive soil obtained from unconfined compression tests or vane shear tests. An alternative approach is
to use the total stress parameters (¢ and ¢) from unconsolidated undrained triaxial compression tests
or consolidated undrained triaxial tests.

An advantage of total stress analyses is that the undrained shear strength is obtained from tests, such
as the unconfined compression test or vane shear test, that are easy to perform. A major disadvantage
of this approach is that the accuracy of the undrained shear strength is always in doubt because it
depends on the shear induced pore water pressures, which are not measured or included in the analy-
ses. Also, the undrained shear strength can be significantly influenced by such factors as sample dis-
turbance, strain rate effects, and soil anisotropy (Lambe and Whitman, 1969).
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FIGURE 4.18 (Continued)

2. Effective stress analyses. Effective stress analyses use the drained shear strength parameters
(¢" and ¢). Except for earthquake loading (i.e., liquefaction), essentially all analyses of cohesionless
soils are made using effective stress analyses. For cohesionless soil, ¢’ = 0 and the effective friction
angle ¢’ is often obtained from drained direct shear tests, drained triaxial tests, or from empirical cor-
relations, such as shown in Figs. 3.12 to 3.14.

For cohesive soils, the effective shear strength could be obtained from drained direct shear tests
or drained triaxial tests, although a more common procedure is to perform consolidated undrained
triaxial compression tests with pore water pressure measurements performed on saturated cohesive
soil in order to determine the effective shear strength parameters, ¢” and ¢’. An example of this test
data has been presented in Sec. 3.5.2, see Figs. 3.30 to 3.34.

Effective stress shear strength parameters are used for all long-term analyses where conditions
are relatively constant. Examples include the long-term stability of slopes, embankments, earth sup-
porting structures, and bearing capacity of foundations for cohesionless and cohesive soil. Effective
stress analyses can also be used for any situation where the pore water pressures induced by loading
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can be estimated or measured. Effective stress analyses can use either one of the following approaches:
(1) total unit weight of the soil ¥, and the boundary pore water pressures, or (2) buoyant unit weight
of the soil 7, and the seepage forces.

An advantage of effective stress analyses are that they more fundamentally model the shear
strength of the soil, because shear strength is directly related to effective stress. A major disadvan-
tage of effective stress analyses is that the pore water pressures must be included in the analyses.
The accuracy of the pore water pressure is often in doubt because of the many factors that affect
the magnitude of pore water pressure changes, such as the determination of changes in pore water
pressure resulting from changes in external loads (Lambe and Whitman, 1969). For effective stress
analyses, assumptions are frequently required concerning the pore water pressures that will be used
in the analyses.

Under no circumstances can a total stress analysis and an effective stress analysis be combined. For
example, suppose a slope stability analysis is needed for a slope consisting of alternating sand and clay
layers. Either the factor of safety of the slope must be determined by using a total stress analysis or by
using an effective stress analysis. For example, you could not perform a slope stability analysis that
uses the undrained shear strength s, for one soil layer and effective shear strength parameters (¢” and
¢) and a groundwater table for the second soil layer.

4.6.2 Undrained Shear Strength of Cohesive Soil

The undrained shear strength has been introduced in Sec. 3.5 and is used for total stress analyses. As
the name implies, the undrained shear strength s, refers to a shear condition where water does not
enter or leave the cohesive soil during the shearing process. In essence, the water content of the soil
must remain constant during the shearing process. Those design situations using the undrained shear
strength involve loading or unloading of the plastic soil at a rate that is much faster than the shear
induced pore water pressures can dissipate. During rapid loading of saturated plastic soils, the shear
induced pore water pressures can only dissipate by the flow of water into (negative shear induced
pore water pressures) or out of (positive shear induced pore water pressures) the soil. But cohesive
soils, such as clays, have a low permeability, and if the load is applied quickly enough, there will not
be enough time for water to enter or leave the plastic soil.

Normalized Undrained Shear Strength. Figure 4.19 presents examples of the undrained shear
strength s, versus depth for borings E1 and F1 excavated in an offshore deposit of Orinoco clay,
which was created by sediments from the Orinoco River, Venezuela. This data was needed for the
design of offshore oil platforms to be constructed off the coast of Venezuela. For this project, the
undrained shear strength s, of the clay deposit was needed for the design of the oil platforms because
of the critical storm wave loading condition, which is a quick loading condition compared to the
drainage ability of 140 ft (43 m) of clay.

The Orinoco clay can be generally classified as clay of high plasticity (CH). This offshore clay
deposit can be considered to be a relatively uniform soil deposit. The undrained shear strength s,
was obtained from the Torvane device, the laboratory miniature vane, and the unconfined com-
pression test (UUC). In Fig. 4.19, there is a distinct discontinuity in the undrained shear strength s,
at a depth of 60 ft (18 m) for boring E1 and 40 ft (12 m) for boring F1. This discontinuity was due
to different sampling procedures. Above a depth of 60 ft (18 m) at boring E1 and 40 ft (12 m) at
boring F1, samplers where hammered into the clay deposit causing sample disturbance and a lower
shear strength value for the upper zone of clay. For the deeper zone of clay, a WIP sampling pro-
cedure was utilized which produced less sample disturbance and hence a higher undrained shear
strength.

There is a considerable amount of scatter in the undrained shear strength s, shown in Fig. 4.19.
This is not unusual for soil deposits and nonuniform deposits often have much larger scatter in data
than as shown in Fig. 4.19. It takes considerable experience and judgment to decide what value of
undrained shear strength s to use based on the data shown in Fig. 4.19. One approach is to use the
normalized undrained shear strength in order to evaluate shear strength data. For the data shown in
Fig. 4.19, an average line can be drawn through the data points, such as:
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FIGURE 4.19 Undrained shear strength s, versus depth for Orinoco clay at borings E1 and F1. (From Day
1980 and Ladd et al. 1980.)

5,=0.0043 z (4.33)

where s, is the undrained shear strength (tons per square foot or kg/cm?) and z is the depth in feet.
For the Orinoco clay deposit, the average total unit weight ¥, of the Orinoco clay is 105 pcf (16.5

kN/m?) at boring E1 and 101 pcf (15.9 kN/m?®) at boring F1. This offshore clay is submerged, in a

saturated state, and has hydrostatic pore water pressures u. The vertical effective stress 67 would be:

o (psh)=y,z2=(%-7)z=(0105-624)7=43 7z or intsf, 0] =0.0227 (for boring El)

(4.34)
o (psh)=y,z=(7—-7)z=(0101-624)z=39z or intsf, 0/ =0.020¢ (for boring F1)
(4.35)
Substituting Eqs. 4.34 and 4.35 into Eq. 4.33, the result is:
%w.—0.20 (for boring E1) (4.36)
s”, =0.22 (for boring F1) 4.37)

v

The parameter s /07 is known as the normalized undrained shear strength. It is a valuable para-
meter for the analysis of the undrained shear strength of saturated clay deposits. For example, in
Fig. 2.40, the values of s /07 (labeled c/p in Fig. 2.40) have been listed for the various clay deposits.
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As a check on the undrained shear strength tests, the value of s,/07 can be compared with published
results, such as (Jamiolkowski et al., 1985):

%~ (0.2340.04)OCR* (4.38)

v

where OCR is the overconsolidation ratio (dimensionless), defined as the largest vertical effective
stress ever experienced by the soil deposit 0'p divided by the existing vertical effective stress o”.

The overconsolidation ratio (OCR) and the preconsolidation pressure 0' will be discussed in
Chap. 8. The Orinoco clay deposit is essentially normally consolidated (OCR =1) and thus Eq. 4.38
indicates that s /o7 should be approximately equal to 0.23 * 0.04, which is very close to the values
indicated in Eqs. 4.36 and 4.37. Thus assuming an average undrained shear strength line through the
data points in Fig. 4.19 seems to be a reasonable approach based on a comparison of s /o7 with pub-
lished results.

Sensitivity. The sensitivity of cohesive soil has been briefly introduced in Sec. 2.4.4. The uncon-
fined compressive test and the vane shear test can be performed on completely remolded soil speci-
mens in order to determine the sensitivity S, of the cohesive soil. The sensitivity S, is defined as the
undrained shear strength s, of an undisturbed soil specimen divided by the undrained shear strength
s, of a remolded soil specimen. Based on the sensitivity, the cohesive soil can be classified as fol-
lows (Holtz and Kovacs, 1981):

S, less than 4 indicates a low sensitivity

S, from 4 to 8 indicates a medium sensitivity
S, from 8 to 16 indicates a high sensitivity
S, greater than 16 indicates a quick clay

When testing a remolded soil specimen, it is important to retain the same water content of the
undisturbed soil. To accomplish this objective in the laboratory, the soil can be placed in a plastic
bag and then thoroughly remolded by continuously squeezing and deforming the soil. If the soil
specimen bleeds water during this process, then the sensitivity cannot be determined for the soil.
After remolding, the soil is carefully pressed down into a mold, without trapping any air within the
soil specimen. Once extruded from the mold, the remolded soil is ready for vane shear or unconfined
compression testing.

In the last column of Fig. 2.41, sensitivity values have been listed, with S, values up to 150. This
Canadian clay is definitely a quick clay. Quick clay indicates an unstable soil structure, where the
bonds between clay particles are destroyed upon remolding. Such unstable soil can be formed by the
leaching of soft glacial clays deposited in salt water and subsequently uplifted, or by the creation of
unstable soil due to weathering of volcanic ash (Terzaghi and Peck, 1967).

A remolded quick clay may actually regain some of its lost shear strength, because the soil particles
begin to reform bonds, and this increase in shear strength of a remolded soil is known as thrixotropy.

4.6.3 Shear Strength Based on Effective Stress

Effective stress analyses must use either the drained shear strength or the effective shear strength
parameters (¢ and ¢") from triaxial tests with pore water pressure measurements. Values of typical
effective friction angles ¢’ for cohesionless soil (sand and gravel) have been presented in Table 3.4.
The remainder of this section will discuss the effective shear strength of cohesive soil.

For undisturbed natural clays, the values of ¢ range from around 20° for normally consolidated
highly plastic clays up to 30° or more for other types of cohesive soil (Holtz and Kovacs, 1981). For
example, Fig. 4.20 shows the relationship between ¢ and plasticity index (PI) for normally consol-
idated cohesive soil. For compacted clay, the value of ¢’ is typically in the range of 25° to 30° and
occasionally as high as 35°.
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FIGURE 4.20 Empirical correlation between ¢’ and PI from triaxial compression tests on normally consolidated undisturbed clays.
(From NAVFAC DM-7, 1971; Ladd et al. 1977; reproduced from Holtz and Kovacs 1981.)

The effective cohesion ¢’ for normally consolidated noncemented clays is very small and can be
assumed to be zero for practical work (Holtz and Kovacs, 1981). If the cohesive soil is overconsoli-
dated (such as due to compaction), then there may be an effective cohesion intercept ¢’. Often the
higher the overconsolidation ratio (i.e., the higher the preloaded condition of the cohesive soil), the
higher the effective cohesion intercept. For overconsolidated cohesive soil, the failure envelope at
low effective stresses is often curved and passes through the origin. Thus the effective cohesion ¢’ is
usually an extrapolated value that does not represent the actual effective shear strength at low effec-
tive stresses (Maksimovic, 1989b). For example, Fig. 4.21 shows the effective stress failure envelope
for compacted London Clay. Note the nonlinear nature of the shear strength envelope. For an effec-
tive stress of about 2100 to 6300 psf (100 to 300 kPa), the failure envelope is relatively linear and
has effective shear strength parameters of ¢’ = 16° and ¢’ = 520 psf (25 kPa). But below about 2100
psf (100 kPa), the failure envelope is curved (see Fig. 4.21) and the shear strength is less than the
extrapolated line from high effective stresses. Because of the nonlinear nature of the shear strength
envelope, the shear strength parameters (¢’ and ¢) obtained at high effective stresses can overesti-
mate the shear strength of the soil and should not be used in engineering analysis that use low effec-
tive stresses (such as surficial slope stability).

4.6.4 Factors that Affect Shear Strength of Cohesive Soil

There can be many factors that affect the shear strength of cohesive soil, such as:

Sample Disturbance. As previously discussed in Sec. 2.4.2, a soil sample cannot be taken from the
ground and be in a perfectly undisturbed state. Disturbance causes a decrease in effective stress, a
reduction in the interparticle bonds, and a rearrangement of the soil particles. Sample disturbance can
cause the greatest reduction in shear strength compared to any other factor. As an example of the effects
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FIGURE 4.21 Failure envelope for compacted London Clay. (a) Investigated stress range with detail,
(b) low stress range. (From Maksimovic 1989b; reprinted with permission from the American Society of
Civil Engineers.)

of sample disturbance, Fig. 4.22 shows the undrained shear strength s of undisturbed and remolded
Orinoco clay and indicates about a 75 percent reduction in the undrained shear strength (Ladd et al.,
1980; Day, 1980).

For clays having a high sensitivity, such as quick clays, disturbance can severely affect the shear
strength. In instances of severe disturbance, quick clays can be disturbed to such an extent that they
even become liquid and have essentially no shear strength.

Strain Rate. The faster a soil specimen is sheared, i.e., a fast strain rate, the higher the value of the
undrained shear strength s . For the unconfined compression test and vane shear test, the strain rate
is very fast with failure occurring in only a few minutes or less. In Fig. 4.22, vane shear tests were
performed on the Orinoco clay with the tests having different times to failure. Note in this figure that
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FIGURE 4.22 Effects of sample disturbance and strain rate on the undrained shear strength of Orinoco clay. (From Day, 1980.)

for both the undisturbed specimens and the remolded specimens that a slower strain rate results in a
lower undrained shear strength. This is because a slower strain rate allows the soil particles more
time to slide, deform, and creep around each other resulting in lower undrained shear strength.

Anisotropy. Soil, especially clays, have a natural strength variation where s, depends on the orien-
tation of the failure plane, thus s, along a horizontal failure plane will not equal s, along a vertical
failure plane. For example, the very fine layering of the Orinoco clay is visible from the radiograph
shown in Fig. 2.18. The laboratory miniature vane and Torvane tests have simultaneous horizontal and
vertical failure planes with an undrained shear strength that rarely equals s, from the unconfined com-
pression test which has an oblique failure plane.

These three factors listed earlier can affect soil in different ways. For example, it has been stated
that for the vane shear test, the values of the undrained shear strength from field vane tests are likely
to be higher than can be mobilized in practice (Bjerrum 1972, 1973). This has been attributed to a
combination of anisotropy of the soil and the fast rate of shearing involved with the vane shear test.
Because of these factors, Bjerrum (1972) has proposed that when vane shear tests are performed on
saturated normally consolidated clays, the undrained shear strength s, be reduced based on the plas-
ticity index of the clay. Figure 2.26 shows Bjerrum’s (1972) recommendation, where the in situ
undrained shear strength s, is equal to the shear strength determined from the field vane test times
the correction factor determined from Fig. 2.26.

Similar to the vane shear test, the unconfined compression test can provide values of undrained
shear strength that are too high because the saturated cohesive soil is sheared too quickly. In many
cases, the unconfined compression test has provided reasonable values of undrained shear strength
because of a compensation of factors: too high an undrained shear strength due to the fast strain rate
that is compensated by a reduction in undrained shear strength due to sample disturbance (Ladd, 1971).
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Because of all of these factors (sample disturbance, strain rate, and anisotropy), considerable

experience and judgment are needed for the selection of the undrained shear strength parameters to
be used in total stress analyses for cohesive soil.

4.6.5 Examples of Total Stress and Effective Stress Analyses

Figure 4.23 presents five examples where either a total stress analysis or an effective stress analysis
would be utilized for slope stability. The reason one or the other type of analysis is selected is
because of the soil type and/or the analysis provides for the lowest factor of safety of the slope.

1.

Slope in coarse-grained soil with some cohesion. For both the low groundwater and high
groundwater conditions, effective stress analyses are utilized to determine the factor of safety of
the slope.

. Slope in coarse-grained, cohesionless soil. For both the low groundwater and high ground-

water conditions, effective stress analyses are utilized to determine the factor of safety of the
slope.

Slope in normally consolidated or slightly preconsolidated clay. Total stress analyses are used
to determine the factor of safety of the slope. The location of the groundwater table is ignored.
However, a fluctuation in the groundwater table could change the undrained shear strength of the
clay. This change in s, should be considered in the slope stability analysis.

Slope in stratified soil. A wedge type failure based on an effective stress analysis is used to
determine the factor of safety of the slope.

Old slide mass. An effective stress analysis would be used to determine the factor of safety of
the slope. The slope stability analysis would use steady-state pore water pressures from the
groundwater table and the drained residual friction angle ¢ determined from laboratory tests,
such as the torsional ring shear (Sec. 3.5.8).

There are many slope stability or foundation construction cases where both a total stress analy-

sis and an effective stress analysis are required. The reason that both types of analyses are needed is
because the shear strength and/or pore water pressures change with time from the short-term to long-
term condition. Figure 4.24 presents three examples, as follows:

Failure of fill embankment on soft clay having sand drains. For this situation, both total stress
and effective stress analyses would be performed. Both methods would be performed based on
conditions existing just after the placement of the fill embankment (i.e., short-term condition).
Whichever method gives the lowest factor of safety would be the governing condition. For the
effective stress analysis, use effective shear strength parameters for the soft clay (¢ and ¢’) and
estimate pore water pressures from piezometers. For the total stress analysis, ignore pore water
pressures and use the undrained shear strength s, from the unconfined compression test or the
unconsolidated undrained triaxial compression test.

Failure of fill embankment on soft clay (no sand drains).  Similar to case 1, both total stress and
effective stress analyses would be performed. The first analysis is based on the end of construc-
tion conditions (i.e., short-term stability), which usually produces the lowest factor of safety. Use
a total stress analysis, ignore pore water pressures, neglect the shear strength of the fill embank-
ment, and use the undrained shear strength s, for the clay layer. The second analysis considers
the embankment stability at a time well after construction is complete (i.e., long-term stability).
For this condition, use an effective stress analysis (i.e., ¢” and ¢ for the soft clay) and use steady-
state pore water pressures due to the groundwater table.

Cut in stiff fissured clay. The third example shows a slope cut into a stiff-fissured clay. For the
short-term stability, i.e., just after the cut is made, use a total stress analysis in order to deter-
mine the factor of safety. Analyze long-term stability based on an effective stress analysis using
the drained residual shear strength parameters (¢’ and ¢) and steady-state pore water pressures
due to the groundwater table.
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HIGH GROUNDWATER, FAILURE OCCURS ON THE
RELATIVELY SHALLOW TOE CIRCLE THE POSITION OF
WHICH IS DETERMINED PRIMARILY BY GROUND
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STABILITY DEPENDS PRIMARILY ON GROUND -
WATER CONDITIONS. WITH LOW GROUNDWATER,
FAILURES OCCUR AS SURFACE SLOUGHING UNTIL
SLOPE ANGLE FLATTENS TO FRICTION ANGLE. WITH
HIGH GROUNDWATER , STABLE SLOPE IS APPROXI-
MATELY 1/2 FRICTION ANGLE.

ANALYZE WITH EFFECTIVE STRESSES USING
STRENGTH ¢l SLIGHT COHESION APPEARING
IN TEST ENVELOPE IS IGNORED. SPECIAL CON-
SIDERATION MUST BE GIVEN TC POSSIBLE FLOW
SLIDES IN LOOSE, SATURATED FINE SANDS.

LOCATION OF FAILURE DEPENDS ON VARIATION
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(3) SLOPE IN NORMALLY CONSOLIDATED
OR SLIGHTLY PRECONSOUIDATED CLAY

FAILURE OCCURS ON CIRCULAR ARCS THE
POSITIONS OF WHICH ARE GOVERNED BY THEORY,
POSITION OF GROUNDWATER TABLE DOES
NOT INFLUENCE STABILITY UNLESS ITS FLUCTU-
ATION CHANGES STRENGTH OF THE CLAY OR ACTS
IN TENSION CRACKS.

ANALYZE WITH TOTAL STRESSES, ZONING CROSS
SECTION FOR DIFFERENT VALUES OF SHEAR
STRENGTHS. DETERMINE SHEAR STRENGTH FROM
UNCONFINED COMPRESSION TEST, UNCONSOLIDATED
UNDRAINED TRIAXIAL TEST OR VANESHEAR.

FIGURE 4.23 Total stress and effective stress analyses for slope stability. (Reproduced from NAVFAC DM-7.1, 1982.)
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FIGURE 4.23 (Continued)

As these examples illustrate, the use of total stress and effective stress analyses are often com-
plex. For some situations, both a short-term condition and a long-term condition may need to be ana-
lyzed. The key to using the total stress and effective stress analyses is to determine which analysis
will provide the lowest factor of safety or lead to the lowest allowable design value. Many slope and
foundation failures occur because the wrong analysis was selected and the critical design situation
was not analyzed. Throughout this book, foundation design situations that require using either total
stress analyses or effective stress analyses will be discussed.

4.6.6 Geotechnical Earthquake Engineering

For geotechnical earthquake engineering, the total stress and effective stress analyses are based on
the following:

1. Total stress analyses
a Use total stress shear strength parameters (s, or ¢ and ¢)
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RIALS DIFFER GREATLY, SAFETY FACTOR SHOULD
EXCEED ONE , IGNORING SHEAR STRENGTH OF
FILL. ANALYZE LONG-TERM STABILITY USING
C“AND ¢’FROM CU TESTS WITH EFFECTIVE
STRESS ANALYSIS,APPLYING PORE PRESSURES
OF GROUNDWATER ONLY.

ORIGINAL GROUND LINE

L4
” ’/
- -
M;-—K FAILURE SURFACE
DEPENDS ON PATTERN OF
FISSURES OR DEPTH OF
SOFTENING

FAILURE FOLLOWING CUT IN STIFF
FISSURED CLAY

(3)

RELEASE OF HORIZONTAL STRESSES BY
EXCAVATION CAUSES EXPANSION OF CLAY AND
OPENING OF FISSURES , RESULTING IN LOSS
OF COHESIVE STRENGTH.

ANALYZE FOR SHORT TERM STABILITY USING C
AND ¢ WITH TOTAL STRESS ANALYSIS. ANALYZE FOR
LONG TERM STABILITY WITH C'r AND ¢y BASED
ON RESIDUAL STRENGTH MEASURED IN
CONSOLIDATED DRAINED TESTS.

FIGURE 4.24 Total stress and effective stress analyses for short-term and long-term conditions. (Revised from NAVFAC DM-7.1, 1982.)
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b Use total unit weight of the soil y,
¢ Ignore pore water pressures
2. Effective tress analyses
a Use effective stress shear strength parameters (¢’ and ¢)
b Determine the earthquake induced pore water pressures u,

Depending on the type of soil, the type of analyses would be as follows:

Cohesionless Soil. For the earthquake analysis of cohesionless soil (i.e., sands and gravels), it is
often easier to perform an effective stress analysis, as follows:

1. Cohesionless soil above the groundwater table. Often the cohesionless soil above the
groundwater table will have negative pore water pressures due to capillary tension of pore water
fluid. The capillary tension tends to hold together the soil particles and provide additional shear
strength to the soil. For geotechnical engineering analyses, it is commonly assumed that the pore
water pressures are equal to zero, which ignores the capillary tension. This conservative assumption
is also utilized for earthquake analyses. Thus the shear strength of soil above the groundwater table
is assumed to be equal to the effective friction angle ¢ from empirical correlations (such as Figs.
3.12 and 3.13) or it is equal to the effective friction angle ¢’ from drained direct shear tests performed
on saturated soil (ASTM D 3080-03, 2004).

2. Dense cohesionless soil below the groundwater table. Dense cohesionless soil tends to
dilate during the earthquake shaking. This causes the excess pore water pressures to become neg-
ative, and the shear strength of the soil is actually momentarily increased. Thus for dense cohe-
sionless soil below the groundwater table, the shear strength is assumed to be equal to the
effective friction angle ¢’ from empirical correlations (such as Figs. 3.12 and 3.13) or it is equal
to the effective friction angle ¢ from drained direct shear tests performed on saturated soil
(ASTM D 3080-03, 2004). In the effective stress analysis, the negative excess pore water pres-
sures are ignored and the pore water pressure is assumed to be hydrostatic. Once again, this is a
conservative approach.

3. Loose cohesionless soil below the groundwater table. Loose cohesionless soil tends to con-
tract during the earthquake shaking. This causes the development of pore water pressures, and the
shear strength of the soil is decreased. If liquefaction occurs, the shear strength of the soil can be
decreased to essentially zero. For any cohesionless soil that is likely to liquefy during the earthquake,
one approach is to assume that ¢ is equal to zero (i.e., no shear strength). For those loose cohesion-
less soils that have a factor of safety against liquefaction greater than 1.0, the analysis will usually
need to take into account the reduction in shear strength due to the increase in pore water pressure
as the soil contracts. One approach is to use the effective friction angle ¢’ from empirical correla-
tions (such as Figs. 3.12 and 3.13) or the effective friction angle ¢’ from drained direct shear tests
performed on saturated soil (ASTM D 3080-03, 2004). In addition, the earthquake-induced pore
water pressures must be used in the effective stress analysis. The disadvantage of this approach is
that it is very difficult to estimate the pore water pressures generated by the earthquake-induced con-
traction of the soil. One option is to use Fig. 4.25, which presents a plot of the factor of safety against
liquefaction FS, versus pore water pressure ratio 7, defined as:

r=— (4.39)

v.h

where r, = pore water pressure ratio (dimensionless)
u = pore water pressure (psf or kPa)
7, = total unit weight of the soil (pcf or kN/m?)
h = depth below the ground surface (ft or m)
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FIGURE 4.25  Factor of safety against liquefaction F'S, versus the pore water pressure ratio r, for gravel
and sand. (Developed by Marcuson and Hynes, 1990; reproduced from Kramer 1996.)
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As indicated in Fig. 4.25, at a factor of safety against liquefaction FS, equal to 1.0 (i.e., liquefied
soil), the value of r = 1.0. Using a value of r, = 1.0 in Eq. 4.39, then r, = 1.0 = u/(yh). This means
that the pore water pressure u must be equal to the total stress (o= 7, h), and hence the effective stress
o’ is equal to zero (0’ = o — u). For a granular soil, an effective stress equal to zero means that the
soil will not possess any shear strength (i.e., it has liquefied). Chapter 13 will present the analyses
that are used to determine the factor of safety against liquefaction.

4. Flow failures in cohesionless soil. ~As indicated earlier, the earthquake analyses for cohe-
sionless soil will often be performed using an effective stress analysis, using ¢’ and assumptions con-
cerning the earthquake-induced pore water pressure. Flow failures are also often analyzed using an
effective stress analysis with a value of the pore water pressure ratio = 1.0, or by using a shear
strength of the liquefied soil equal to zero (i.e., ¢’ = 0 and ¢’ = 0). This will be further discussed in
Chap. 13.

Cohesive Soil. For cohesive soils, such as silts and clays, it is often easier to perform total stress
analyses, as follows:

1. Cohesive soil above the groundwater table. Often the cohesive soil above the groundwater
table will have negative pore water pressures due to capillary tension of the pore water fluid. In some
cases, the cohesive soil may even be dry and desiccated. The capillary tension tends to hold togeth-
er the soil particles and provide additional shear strength to the soil. For a total stress analysis, the
undrained shear strength s, of the cohesive soil could be determined from unconfined compression
tests or vane shear tests. As an alternative, total stress parameters (c and ¢) could be determined from
triaxial tests (e.g., ASTM D 2850-03 and ASTM D 4767-02, 2004).

Because of the negative pore water pressures, a future increase in water content would tend to
decrease the undrained shear strength s, of partially saturated cohesive soil above the groundwater table.
Thus a possible change in water content in the future should be considered. In addition, a triaxial test
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performed on a partially saturated cohesive soil often has a stress-strain curve that exhibits a peak shear
strength that then reduces to an ultimate value. If there is a significant drop-off in shear strength with
strain, it may be prudent to use the ultimate value in earthquake analyses.

2. Cohesive soil below the groundwater table having low sensitivity. The sensitivity represents
the loss of undrained shear strength as a cohesive soil specimen is remolded. An earthquake also
tends to shear a cohesive soil back and forth, much like the remolding process. For cohesive soil hav-
ing low sensitivity (S, < 4), the reduction in the undrained shear strength during the earthquake
should be small.

3. Cohesive soil below the groundwater table having high sensitivity. For highly sensitive and
quick clays (S, > 8), there could be a significant shear strength loss during the earthquake shaking.
An example is the Turnagain Heights Landslide in Alaska.

The stress-strain curve from a triaxial test performed on a highly sensitive or quick clay often
exhibits a peak shear strength that develops at a low vertical strain, followed by a dramatic drop-off
in strength with continued straining of the soil specimen. The analysis will need to include the esti-
mated reduction in undrained shear strength due to the earthquake shaking. In general, the most crit-
ical conditions exist when the highly sensitive or quick clay is subjected to a high static shear stress
(such as the Turnagain Heights Landslide). If during the earthquake, the sum of the static shear stress
and the seismic induced shear stress exceeds the undrained shear strength of the soil, then a signifi-
cant reduction in shear strength would be expected to occur. Cohesive soils having a medium sensi-
tivity (4 < S, < 8) would tend to be an intermediate case.

4. Drained residual shear strength ¢ for cohesive soil. ~As indicated earlier, the earthquake
analyses for cohesive soil will often be performed using a total stress analysis (i.e., s, from uncon-
fined compression tests and vane shear tests, or ¢ and ¢ from triaxial tests).

An exception is cohesive slopes that have been subjected to a significant amount of shear defor-
mation. For example, the stability analysis of ancient landslides, slopes in overconsolidated fissured
clays, and slopes in fissured shales will often be based on the drained residual shear strength of the
failure surface (Bjerrum, 1967; Skempton and Hutchinson, 1969; Skempton, 1985; Hawkins and
Privett, 1985; Ehlig, 1992). When the stability of such a slope is to be evaluated for earthquake shak-
ing, then the drained residual shear strength ¢ should be used in the analysis. The drained residual
shear strength can be determined from laboratory tests by using the torsional ring shear or direct
shear apparatus.

In order to perform effective stress analyses, the pore water pressures are usually assumed to be
unchanged during the earthquake shaking. The slope or landslide mass will also be subjected to addi-
tional destabilizing forces due to the earthquake shaking. These destabilizing forces can be included
in the effective stress slope stability analysis and this approach is termed the pseudostatic method
(see Chap. 13).

Analyses For Subsoil Profiles Consisting of Cohesionless and Cohesive Soil. For earthquake analy-
sis where both cohesionless and cohesive soil must be considered, either a total stress analysis or an
effective stress analysis must be performed. As indicated earlier, usually the effective shear strength
parameters will be known for the cohesionless soil. Thus subsoil profiles having layers of sand and clay
are often analyzed using effective stress analyses (¢’ and ¢’) with an estimation of the earthquake
induced pore water pressures.

If the sand layers were to liquefy during the anticipated earthquake, then a total stress analysis
could be performed using the undrained shear strength s, for the clay and assuming the undrained
shear strength of the liquefied sand layer is equal to zero (i.e., s, = 0). Bearing capacity or slope sta-
bility analyses using total stress parameters would then be performed so that the circular or planar
slip surfaces passes through or along the liquefied sand layer.

Summary of Shear Strength Analyses for Geotechnical Earthquake Engineering. Table 4.9 pre-
sents a summary of the soil type versus type of analysis and shear strength that should be used for
earthquake analyses.
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TABLE 4.9 Soil Type versus Type of Analysis and Shear Strength for Earthquake Engineering

Type of Field
Soil type analysis condition Shear strength
Cohesionless Use an Cohesionless Assume pore water pressures are equal to zero, which
soil effective soil above the ignores the capillary tension. Use ¢’ from empirical
stress groundwater correlations or from laboratory tests such as drained
analysis table direct shear tests.

Dense Dense cohesionless soil dilates during the earthquake

cohesionless shaking (hence negative excess pore water pressure).

soil below the Assume earthquake-induced negative excess pore water
groundwater pressures are zero, and use ¢’ from empirical correlations
table or from laboratory tests such as drained direct shear tests.

Loose Excess pore water pressures u, generated during the

cohesionless contraction of soil structure. For FS LS 1.0, use ¢' =0 or
soil below the r, = 1.0. For FS, > 1, use r, from Fig. 4.25 and ¢’ from
groundwater empirical correlations or from laboratory tests such as
table drained direct shear tests.

Flow failures Flow failures are also often analyzed using an effective
stress analysis with a value of the pore water pressure
ratio = 1.0, or by using a shear strength of the liquefied
soil equal to zero (¢" = 0 and ¢ = 0).

Cohesive Use atotal ~ Cohesive soil Determine s, from unconfined compression tests or vane
soil stress above the shear tests. As an alternative, use total stress parameters
analysis groundwater (c and ¢) from triaxial tests. Consider shear strength
table decrease due to increase in water content. For a
significant drop-off in strength with strain, consider
using ultimate shear strength for earthquake analysis.

Cohesive soil Determine s, from unconfined compression tests or vane

below the shear tests. As an alternative, use total stress parameters
groundwater (c and ¢) from triaxial tests.
table with
S, <4
Cohesive soil Include an estimated reduction in undrained shear strength
below the due to earthquake shaking. Most significant strength loss
groundwater occurs when the sum of the static shear stress and the
table with seismic-induced shear stress exceeds the undrained shear
§>8 strength of the soil. Cohesive soils having a medium
sensitivity (4 < S, < 8) are an intermediate case.
Possible Existing Use an effective stress analysis and the drained residual
exception landslides shear strength (¢/) for the slide plane. Assume pore

water pressures are unchanged during earthquake
shaking. Include destabilizing earthquake forces in
slope stability analyses (pseudostatic method).

4.7 PERMEABILITY AND SEEPAGE

4.7.1 Introduction

This last section of Chap. 4 presents the basic principles of permeability and groundwater seepage
through soil. In the previous sections, the discussion of groundwater has included the following:
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 Subsurface exploration (Sec. 2.3). One of the main purposes of subsurface exploration is to
determine the location of the groundwater table.

 Laboratory testing (Sec. 3.7). The rate of flow through soil is dependent on its permeability. The
constant head permeameter (Fig. 3.56) or the falling head permeameter (Fig. 3.57) can be used to
determine the coefficient of permeability (also known as the hydraulic conductivity). Equations to
calculate the coefficient of permeability in the laboratory are based on Darcy’s law (v = k i).
Figure 3.58 shows the coefficient of permeability versus drainage properties and soil type.

Pore water pressure (Sec. 4.4). The pore water pressure u for a level groundwater table with no
flow and hydrostatic conditions is calculated by using Eq. 4.16 for soil below the groundwater
table and Eq. 4.17 for soil above the groundwater table that is saturated due to capillary rise.

Shear strength (Sec. 3.5). The shear strength of saturated soil is directly related to the water that
fills the soil pores. Normally consolidated clays have an increase in pore water pressure as the soil
structure contracts, while heavily overconsolidated clays have a decrease in pore water pressure as
the soil structure dilates during undrained shear.

The main items that will be discussed in this section are permeability, seepage velocity, seepage
forces, and two-dimensional flow nets. In the following chapters, these principles will be used for all
types of engineering analyses, such as consolidation, slope stability, and foundation excavation
dewatering. Chapter 16 will specifically discuss foundation excavation dewatering.

4.72 Permeability

As indicted in Fig. 3.58, cohesive soils such as clays have very low values of the coefficient of per-
meability k, while cohesionless soils such as clean sands and gravels can have a coefficient of per-
meability & that is a billion times larger than cohesive soils. The reason is because of the size of the
drainage paths through the soil. Open graded gravel has very large, interconnected void spaces. At
the other extreme are clay size particles, which produce minuscule void spaces with a large resis-
tance to flow and hence a very low permeability.

In many cases, the determination of the coefficient of permeability k£ from laboratory tests on
small soil specimens may not be representative of the overall field condition. A common method of
determining the field coefficient of permeability is through the measurements of the change in water
levels in open standpipes. Figures 4.26 and 4.27 presents various standpipe conditions and the equa-
tions used to calculate the field permeability k. A simple equation is presented in Fig. 4.28.

Although the type of soil is the most important parameter that governs the coefficient of perme-
ability k of saturated soil, there are many other factors that affect &, such as:

1. Void ratio. For a given soil, the higher the void ratio, the higher the coefficient of permeability.
For example, Fig. 4.29 presents data from various soils and shows how the coefficient of perme-
ability k increases as the void ratio increases.

2. Farticle size distribution. A well-graded soil will tend to have a lower coefficient of permeabil-
ity k than a uniform soil. This is because a well-graded soil will have more particles to fill in the
void spaces and make the flow paths smaller.

3. Soil structure. Some types of soil structure, such as the honeycomb structure or cardhouse struc-
ture, have larger interconnected void spaces with a corresponding higher permeability.

4. Layering of soil. Natural soils are often stratified and have layers or lenses of permeable soil,
resulting in a much higher horizontal permeability than vertical permeability. This is important
because oftentimes it is only the vertical permeability that is measured in the falling head and con-
stant head permeameters.

5. Soil imperfections or discontinuities. Natural soil has numerous imperfections, such as root holes,
animal burrows, joints, fissures, seams, and soil cracks, that significantly increase the permeability
of the soil mass. For compacted clay liners, there may be incomplete bonding between fill lifts,
which allows water to infiltrate through the fill mass.
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FIGURE 4.26 Methods for determining permeability. See Figure 4.27 for the formulas for determining permeability. (From Hvorslev, 1951; reproduced from Lambe
and Whitman, 1969.)
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Case Constant Head Variable Head
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ASSUMPTIONS

Soil at intake, infinite depth, and directional isotropy (k, and k, constant). No disturbance,
segregation, swelling, or consolidation of soil. No sedimentation or leakage. No air or gas in
soil, well point, or pipe. Hydraulic losses in pipes. well point, or filter negligible.

FIGURE 4.27 Formulas for determination of permeability. See Figure 4.26 for identification
of cases A through G. (From Hvorslev, 1951; reproduced from Lambe and Whitman, 1969.)
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Basic Time Lag Notation
d? - L D = Diam, intake, sample
=Dt (cm)
d = Diameter, standpipe
L (cm)
ky== for d=D .
v lor L = Length, intake, sample
(cm)
X nd?® H, = Constant piez. head
m = 8-D-T (cm)
5 H, = Piez. head for r =1,
k,, = il for d =D (cm)l
- BT H; = Piez. head for 1 = 1y
(cm)
PR -d? g = Flow of water (cm?¥fsec)
LA TRV T & 1 = Time (sec)
b T = Basic time lag (sec)
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1-T (cm/sec)
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FIGURE 4.27 (Continued)
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At least 10r Strata to be tested
2r
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c. Calculation of coefficient of permeability

Q
55rH

where

k = coefficient of permeability measured in units of length/time

Q = flow of water required to maintain constant head in units of volume/time
H = head in units of length

r = radius of casing in units of length

FIGURE 4.28 Simple equation for field determination of permeability. (Adapted from Cedergren, 1989; reproduced from Rollings and
Rollings, 1996.)
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FIGURE 4.29 Coefficient of permeability k versus void ratio e. (From Lambe and Whitman 1969; reproduced with permission from John Wiley & Sons.)
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4.7.3 Seepage Velocity

From Bernoulli’s energy equation, the total head £ is equal to the sum of the velocity head, pressure
head, and elevation head. Head has units of length. For seepage problems in soil, the velocity head
is usually small enough to be neglected and thus for laminar flow in soil, the total head £ is equal to
the sum of the pressure head hp and the elevation head £,.

In order for water to flow through soil, there must be a change in total head Ah. For example,
given a level groundwater table with hydrostatic pore water pressures, the total head will be identi-
cal at all points below the groundwater table. Since there is no change in total head (Ah = 0), there
can be no flow of water.

Darcy’s law (v = k i) is used for the analysis of laminar flow in soil and it relates the velocity v
to the change in total head (i = Ah/L, where L = length between the total head differences). Since the
coefficient of permeability k is measured in a permeameter where the quantity of water is measured
flowing out of (constant head permeameter) or into (falling head permeameter) the soil, the velocity
v is actually a superficial velocity and not the actual velocity of flow in the soil voids v.. The seep-
age velocity v, is related to the superficial velocity v, by the following equation:

v ki kAR

V =—=—

‘“mn n  nL

(4.40)

where v, = seepage velocity, i.e., velocity of flow of water in the soil (ft/day or cm/sec)
v = superficial velocity, i.e., velocity of flow of water into or out of the soil (ft/day or cm/sec)
k = the coefficient of permeability, also known as the hydraulic conductivity (ft/day or cm/sec)
i = hydraulic gradient (i = Ah/L), which is a dimensionless parameter
n = porosity of the soil, Eq. 4.9, expressed as a decimal (dimensionless)
Ah = change in total head between two points in the soil mass (ft or m)
L =length between the two points in the soil mass (ft or m)

Between any two points in a saturated soil mass below a sloping groundwater table or below a
level groundwater table that does not have hydrostatic pore water pressure (such as an artesian con-
dition), Eq. 4.40 can be used to determine the velocity of flow v_in the soil.

4.74 Seepage Force

When water flows through a soil, it exerts a drag force on the individual soil particles. This force has
been termed the seepage force. For example, an artesian condition can cause an upward flow of water
to the ground surface. If this upward flow of water exerts enough of a seepage force upon the indi-
vidual soil particles, they can actually lose contact with each other. This fluid condition of a cohe-
sionless soil has been termed quicksand. In order to create this fluid condition, the vertical effective
stress o7 in the soil must equal zero.

There are two basic approaches to evaluating a seepage condition, and each approach gives the
same answer. The first approach is to use the total unit weight of the soil ¥, and the boundary pore
water pressures. The second approach is to use the buoyant unit weight of the soil , and the seep-
age force j, which is equal to the unit weight of water y, times the hydraulic gradient i, or j =y, i.
The seepage force j has units of force per unit volume of soil (pcf or kN/m3).

Because it is often easier to measure or predict the pore water pressure, the first approach
which uses the total unit weight of the soil and the boundary pore water pressures is used more
often in engineering analyses. The most common method used to predict the pore water pressures
in the ground due to flowing groundwater is to use a flow net. An example of an engineering
analysis that may need to include the seepage effects of groundwater is the slope stability of an
earth dam.
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4.75 Flow Nets

As shown in Fig. 3.56 and 3.57, the constant head and falling head permeameters have a one-
dimensional flow condition where the water only flows vertically through the soil. For one-dimensional
flow conditions, the quantity of water Q that exits the soil can be obtained by multiplying the super-
ficial velocity v times the cross sectional area A and time ¢, or:

O=vAr=kiAt (4.41)

For two-dimensional flow conditions, where for example the groundwater is flowing horizontally
and vertically, the situation is more complex. The most common method of estimating the quantity
of water Q and pore water conditions in the soil for a two-dimensional case is to construct a flow
net. A flow net is defined as a graphical representation used to study the flow of water through soil.
A flow net is composed of two types of lines: (1) flow lines, which are lines that indicate the path of
flow of water through the soil, and (2) equipotential lines, which are lines that connect points of
equal total head. All along an equipotential line, the numerical value of the total head (/) is constant.

Figure 4.30 presents a cross section depicting the seepage of water underneath a sheet pile wall and
into a foundation pit. On one side of the sheet pile wall, the level of water is at a height =% _. On the
other side of the sheet pile wall in the foundation pit, the water has been pumped out and the ground-
water table corresponds to the ground surface. In this case, the change in total head (Ah) between the
outside water level and the inside foundation pit water level is equal to i (i.e., Ah =h ). Because there
is a difference in total head, there will be the flow of water from the outside to the inside of the foun-
dation pit. As shown in Fig. 4.30, the sheet pile wall is embedded a depth of 12 m (39 ft) into the soil.
The site consists of 25 m (82 ft) of pervious sand overlying a relatively impervious clay stratum.

Assuming isotropic and homogeneous soil, the flow net has been drawn as shown in Fig. 4.30.
The flow lines are those lines that have arrows, which indicate the direction of flow. The equipoten-
tial lines are those lines that are generally perpendicular to the flow lines. In Fig. 4.30, the flow lines
and equipotential lines intersect at right angles and tend to form squares. By using the flow net, the
quantity of seepage (Q) entering the foundation pit, per unit length of sheet pile wall, can be esti-
mated by using Eq. 4.41, or:

Q=kiAt=kAht(AIL)=kAht(n/n,) (4.42)

where Q = quantity of water that enters the foundation pit per unit length of sheet pile wall (ft* for
a 1 foot length of wall or m? for a 1 meter length of wall)
k = coefficient of permeability of the pervious stratum (ft/day or m/day)
Ah = change in total head (ft or m)
t = time (days)
A/L = cross sectional area of flow divided by the length of flow, which is equal to n./n,, i.e.,
the number of flow channels (n) divided by the number of equipotential drops (1))

Example Problem 4.5 Using the flow net shown in Fig. 4.30, assume the coefficient of
permeability £ = 0.1 m/day (0.33 ft/day), the height of the water level outside the foundation
pit &, =10 m (33 ft), and the length of the sheet pile wall is 100 m (328 ft). Calculate the quan-
tity of water that enters the foundation pit per week (f = 7 days).

Solution The solution is obtained by using Eq. 4.42 with the following values:

k= 0.1 m/day (0.33 ft/day)
Ah=h =10 m (33 ft)
T =17 days

n.= number of flow channels from the flow net =9 (see Fig. 4.30)

(Continued)
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n, = number of equipotential drops from the flow net = 18 (see Fig. 4.30). Inserting these

values into Eq. 4.42:
Q=kAht(n/ny)=(0.1)(10)(7)(9/18) = 3.5 m? per day

d

The quantity of water Q that enters the foundation pit = 3.5 m? per linear meter of wall length
(38 ft3 per linear foot of wall length). For a 100 m (328 ft) long sheet pile wall, the total amount
of water that enters the foundation pit per week = 350 m? (12,500 ft*). This is a considerable
amount of water and extensive pumping would be required to keep the foundation pit dry.

In addition to determining the quantity of water Q that enters the foundation pit, the flow net can
be used to determine the pore water pressures u in the ground. The equipotential lines are used to
determine the pore water pressure in the soil. In Fig. 4.30, the value of 4" is shown. This value rep-
resents the drop in total head between each successive equipotential line. Because there are 18
equipotential drops for the flow net shown in Fig. 4.30, h" = Ah/18 = h /18. Thus each successive
equipotential line represents an additional drop in total head = /’. By establishing a datum to obtain
the elevation head /,, and knowing the value of the total head & along each equipotential line, the
pressure head (hp = h — h,) and hence pore water pressure can be calculated (u = hp 7,)-

Example Problem 4.6 Assume the same conditions as the previous example. Calculate the
pore water pressure # at Point A in Fig. 4.30, if Point A is located 2 m (6.6 ft) above the imper-
vious stratum.

Solution For convenience, let the datum be at the top of the impervious stratum. Then the
total head & corresponding to the ground surface on the left side of the sheet pile wall is equal
to the elevation head (h, = 25 m) plus the pressure head (h =h, =10 m) or a total head h of
35 m (115 ft). In Fig. 4. 30 the value of /= Ah/n,=h /18 = 0. 556 m (1.82 ft). Since there are
9 equipotential drops for the flow of water to Pomt A (Flg 4.30), the reduction in total head =
9 times 0.556 m, or 5.0 m (16.5 ft).

The total head along the equipotential line that contains Point A can now be calculated. The
total head & at Point A would equal 35 m (115 ft) minus the reduction in total head due to the 9
equipotential drops (5.0 m), or 30 m (98.5 ft). Since the elevation head at Point A =2 m (6.6 ft),
and recognizing that the total head 4 is equal to the sum of the pressure head /2 and the elevation
head 4, the pressure head is equal to 28 m (i.e., hp =h—h,=30 m -2 m =28 m). Converting
head to pore water pressure (1 = hp 7,)- the pore water pressure u at Point A =275 kPa (5730 psf).

Check: Because Point A is located at exactly the midpoint in the flow net, a quick check can be
performed on the earlier calculations. At the mid-point, the drop in head of water would equal '/, i,
or 5 m. Installing a piezometer at Point A, the water level would rise 5 m above ground surface, or
a total of 28 m (23 m plus 5 m).

In a sense, the reduction in total head (i.e., loss of energy) as the water flows underneath the sheet
pile wall is absorbed by the frictional drag resistance of the soil particles. If this frictional drag resis-
tance of the soil particles becomes too great, piping may occur. Piping is the physical transport of
soil particles by the groundwater seepage. Piping can result in the opening of underground voids that
could lead to the sudden failure of the sheet pile wall.

The exit hydraulic gradient i, can be used to assess the piping potential of soil into the foun-
dation pit. The most likely location for a piping failure is at Point B (Fig. 4.30), because this is
where the flow of groundwater is directly upward and the distance between equipotential lines is
least. If the distance between the two equipotential lines at Point B is 2 m, then the exit hydraulic
gradient at Point B (i,) would equal /’/L = 0.556 m/2 m = 0.28.
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FIGURE 4.30 Flow net depicting the flow of water underneath a sheet pile wall and into a foundation pit. (Adapted from Casagrande, 1940.)
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It has been determined that for a guicksand condition (also known as a blowout or boiling con-
dition), the critical hydraulic gradient i_ is equal to the buoyant unit weight 7, divided by the unit
weight of water y,, or i, = %,/7,. The buoyant unit weight is often about equal to the unit weight of
water, and thus the critical hydraulic gradient i_ is about equal to 1. Certainly if the soil at Point B in
Fig. 4.30 should turn to quicksand, then there would be significant piping (loss of soil particles) at
this location. Thus it is often useful to compare the exit hydraulic gradient i, to the critical hydraulic
gradient which will cause quicksand i , or: '

F=X (4.43)
le
where F = the factor of safety for the development of a quicksand condition
i, = critical hydraulic gradient that will cause quicksand (dimensionless)
i, = exit hydraulic gradient (dimensionless)

For the earlier example, i, (Point B) = 0.28 and using i, = 1.0, the factor of safety = 3.6. Because
of the catastrophic effects of a piping failure, usually a high factor of safety is required for the exit
hydraulic gradient. Cedergren (1989) indicates that the factor of safety for the exit hydraulic gradi-
ent should be at least 2 to 2.5, while Chen (1995) states that factors of safety of 4 to 5 are generally
considered reasonable when using flow nets.

Figure 4.31 shows an earth dam with the seepage of water through the dam and into a longitudi-
nal drainage filter. In Fig. 4.31, the flow lines are those lines that have arrows that indicate the direc-
tion of flow. The equipotential lines are those lines that are generally perpendicular to the flow lines.
The vertical difference between the water level on the upstream side of the earth dam and the level
of water in the drainage filter (i.e., dashed line) is the change in total head Ah. In Fig. 4.31, a series
of horizontal lines have been drawn adjacent the line representing the groundwater table in the earth
dam. The distance between these horizontal lines are equal and represent equal drops in total head
for successive equipotential lines.

The quantity of flow Q collected by the drainage filter can be determined by using Eq. 4.42. Another
use for the flow net shown in Fig. 4.31 would be to determine the stability of earth dam slopes. Based
on the flow net, the pore water pressures u could be determined and then the effective shear strength
could be used in conjunction with a slope stability analysis to determine the stability of the earth dam.

The usual procedure in the preparation of a flow net is trial and error sketching. A flow net is first
sketched in pencil with a selected number of flow channels and then the equipotential lines are
inserted. If the flow net does not have flow lines and equipotential lines intersecting at right angles,
or if the flow net is not composed of approximate squares, then the lines are adjusted. The rules for
flow net construction are as follows (NAVFAC DM-7.2, 1982):

1. When the soil is isotropic with respect to permeability, the pattern of flow lines and equipotential
lines intersect at right angles. Draw a pattern in which squares are formed between flow lines and
equipotential lines.

2. Usually it is expedient to start with an integer number of equipotential drops, dividing the total
head loss by a whole number and drawing flow lines to conform to these equipotential drops. In
a general sense, the outer flow path will form a rectangle rather than a square. The shape of these
rectangles must be constant (i.e., constant ratio of B/L)

3. The upper boundary of the flow net that is at atmospheric pressure is a free water surface.
Equipotential lines intersect the free water surface at points spaced at equal vertical intervals (for
example, see Fig. 4.31).

4. A discharge face through which seepage passes is an equipotential line if the discharge is sub-
merged, or a free water surface if the discharge is not submerged. If it is a free water surface, the
flow net directly adjacent the discharge face will not be composed of squares.

5. In a stratified soil profile where the ratio of permeability of different layers exceeds a factor of
10, the flow in the more permeable layer controls. In this case, the flow net may be drawn for the
more permeable layer assuming the less permeable layer to be impervious.

Downloaded from Digital Engineering Library @ McGraw-Hill (www.digitalengineeringlibrary.com)

Copyright © 2004 The McGraw-Hill Companies. All rights reserved.
Any use is subject to the Terms of Use as given at the website.



69V

SOIL MECHANICS

LONGITUDINAL

DRAINAGE FILTER TRANSVERSE

TILE DRAINS
GROUND SURFACE

R el

FREE WATER SURFACE
SLOPING TOWARD NATURAL
GROUND WATER TABLE

IMpPERYIOUS SOk

FIGURE 4.31 Flow net depicting the flow of water through an earth dam. (Adapted from Casagrande, 1940.)
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6. Where only the quantity of seepage is to be determined, an approximate flow net suffices. If pore
water pressures are to be determined, the flow net must be accurately drawn.

The flow nets presented in this section have been based on the assumption of isotropic and homo-
geneous soil. Flow nets can also be drawn for soils having different coefficients of permeability or
for anisotropic soil where the coefficient of permeability is higher in the horizontal direction than the
vertical direction (Casagrande, 1940). When materials are anisotropic with respect to permeability,
the cross section may be transformed by changing the scale as indicated in Fig. 4.32 and the flow net
is then drawn as for an isotropic soil. In computing the quantity of seepage Q, the total head differ-
ence Ah is not changed for the transformation. Fig. 4.32 also shows the flow net for seepage into a
dry dock and the transfer conditions for the flow of water from one soil stratum to another.

Computer programs have been developed to aid in the construction of a flow net. For example,
the SEEP/W (Geo-Slope, 1992) computer program can be used to determine the total head £ distri-
butions and the flow vectors (i.e., flow lines) for both simple and highly complex seepage problems.

4.76 Groundwater Lowering by Pumping Wells

The final part of this section deals with groundwater lowering by pumping from wells. This is often an
important aspect of foundation dewatering. One commonly used equation to determine the amount of
drawdown of the groundwater table for pumping from a well is shown in Fig. 4.33. This equation is

L Flow Net for Underseepage to Dry Dock |
Cutoff sheat pile wall
L 2 il it ¢ Dock
i Fill — Free water suface
Equal vertical intervals H=50'
Drainage layers !
Discharge level
sy lf)‘; TBTASIIT e
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l \ \ line i
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Ky tanp
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FIGURE 4.32 Flow net for seepage into a dry dock. Also shown are the transfer condi-
tions for the flow of water from one soil stratum to another and the procedure for construc-
tion of a flow net for anisotropic soil. (From NAVFAC DM-7.1, 1982.)
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FIGURE 4.33 Schematic drawing of well pumping test. (Adapted from Bureau of Reclamation, 1990; reproduced from
Rollings and Rollings, 1996.)

applicable for a homogeneous unconfined aquifer (i.e., permeable soil) underlain by an impervious soil
layer. The pumping well penetrates all the way to the top surface of the impervious soil layer. The coef-
ficient of permeability k can be calculated by knowing the pumping rate ¢ and the height & of the
groundwater table above the impervious soil layer from an observation well. Once the coefficient of per-
meability & is known for the unconfined aquifer, the drawdown at any distance from the pumping well
can be determined. Groundwater lowering by pumping wells will be further discussed in Chap. 16.

Example Problem 4.7 Assume the conditions shown in Fig. 4.33, with ¢ = 1000 ft*/day
(28 m¥day), H, =50 ft (15.2 m), R = 200 ft (61 m), &, = 45 ft (13.7 m), and r, = 80 ft (24 m).
Determine the coefficient of permeability k of the soil comprising the homogenous and uncon-
fined aquifer.

Solution Using the dewatering well equation in Fig. 4.33:
k=23q log(R/r,)

m(H2-12)

(1000 ft3/day)log(200/80)

=2.
k=23 [7(50% —45%)]

=0.6 ft/day(0.2 m/day)
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NOTATION

The following notation is used in this chapter:

A = activity of clay, Eq. 4.6

A = cross—sectional area (Sec. 4.7.5)

A = length of the pile group (Sec. 4.5.2)
B = width of the footing (Sec. 4.5.1)

B = width of the pile group (Sec. 4.5.2)

¢ = cohesion based on a total stress analysis
¢’ = cohesion based on an effective stress analysis
¢/ = drained residual cohesion (effective stress analysis)
C. = coefficient of curvature
C. = compression index for consolidation
C, = coefficient of uniformity
D = diameter of circular loaded area
D, = relative density
D, = from grain size curve, smallest particle size
D,, = from grain size curve, particle size for 10 percent finer by dry weight
D,, = from grain size curve, particle size for 30 percent finer by dry weight
D, = from grain size curve, particle size for 60 pecent finer by dry weight
D,,, = from grain size curve, largest particle size

e = void ratio of the soil
e = void ratio corresponding to the loosest state of the soil
. = void ratio corresponding to the densest state of the soil
E = modulus of elasticity
FS, = factor of safety against liquefaction

~

G = specific gravity of soil (including organic matter)

G, = specific gravity of soil solids

h = distance above the groundwater table, Eq. 4.17

h = thickness of fill layer, Eq. 4.21

h = depth below the ground surface, Eq. 4.39

h = total head (Sec. 4.7.3)

h = height of the groundwater table (Sec. 4.7.6)

I