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Preface to the Second Edition 

In 1989, the American Institute of Steel Construction published the ninth edition 
of the Manual of Steel Construction which contains the "Specification for 
Structural Steel Buildings-Allowable Stress Design (ASD) and Plastic De­
sign." This current specification is completely revised in format and partly in 
content compared to the last one, which was published in 1978. In addition to 
the new specification, the ninth edition of the Manual contains completely new 
and revised design aids. 

The second edition of this book is geared to the efficient use of the afore­
mentioned manual. To that effect, all of the formulas, tables, and explanatory 
material are specifically referenced to the appropriate parts of the AISCM. Ta­
bles and figures from the Manual, as well as some material from the Standard 
Specifications for Highway Bridges, published by the American Association of 
State Highway and Transportation Officials (AASHTO), and from the Design 
of Welded Structures, published by the James F. Lincoln Arc Welding Foun­
dation, have been reproduced here with the permission of these organizations 
for the convenience of the reader. 

The revisions which led to the second edition of this book were performed 
by the first two authors, who are both experienced educators and practitioners. 

Two major new topics can be found in Appendices A and B: design for re­
peated stresses (fatigue) and highway steel bridge design, respectively. Within 
the body of the text, the following additions have been included: composite 
design with formed metal deck; single-plate and tee framing shear connections; 
and beam bearing plates. The remainder of the topics have been modified, ad­
justed, and in some cases expanded to satisfy the requirements given in the 
ninth edition of the Manual. A solutions manual for all of the problems to be 
solved at the end of each chapter is available to the instructor upon adoption of 
the text for classroom use. 

A one quarter course could include all of the material in Chapters 1 through 
6 with the exception of Sects. 3.2 through 3.4. Chapters 7 through 10, as well 
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xii PREFACE TO THE SECOND EDITION 

as the sections omitted during the first quarter can be covered during a second 
quarter course. Any desired order of presentation can be used for the material 
in the second quarter course since these chapters are totally independent of each 
other. Similarly, Appendices A or B can be substituted in whole or in part for 
one or more of Chapters 7 through 10. 

A one semester course could include all of the material in Chapters I through 
6 as well as Chapter 9 or 10. As was noted above, any parts of Chapters 7 
through 10, Appendix A, or Appendix B can be substituted as desired. 

The authors would like to thank Mr. Andre Witschi, S.E., P.E. who is Chief 
Structural Engineer at Triton Consulting Engineers for his help in reviewing the 
material in the Appendices. Thanks are also due to Mr. Tom Parrott and all of 
the secretarial staff of the School of Architecture at the University of Illinois at 
Chicago for all of their generous assistance. Finally, we would like to thank 
our families for their patience and understanding. 

Chicago, Illinois 

DAVID A. FANELLA 

RENE AMON 



Preface to the First Edition 

This is an introductory book on the design of steel structures. Its main objective 
is to set forth steel design procedures in a simple and straightforward manner. 
We chose a format such that very little text is necessary to explain the various 
points and criteria used in steel design, and we have limited theory to that 
necessary for understanding and applying code provisions. This book has a 
twofold aim: it is directed to the practicing steel designer, whether architect or 
engineer, and to the college student studying steel design. 

The practicing structural engineer or architect who designs steel structures 
will find this book valuable for its format of centralized design requirements. 
It is also useful for the veteran engineer who desires to easily note all the changes 
from the seventh edition of the AISC Steel Design Manual and the logic behind 
the revisions. Yet, the usefulness as a textbook is proven by field-testing. This 
was done by using the appropriate chapters as texts in the following courses 
offered by the College of Architecture of the University of Illinois at Chicago 
Circle: Steel Design; Additional Topics in Structures; and Intermediate Struc­
tural Design (first-year graduate). The text was also field-tested with profes­
sionals by using the entire book, less Chapter 8, as text for the steel part of the 
Review for the State of Illinois Structural Engineers' Licence Examination, of­
fered by the University of Illinois at Chicago Circle. The text, containing per­
tinent discussion of the numerous examples, was effectively combined with sup­
plemental theory in classroom lectures to convey steel design requirements. 
Unsolved problems follow each chapter to strengthen the skill of the student. 

The American Institute of Steel Construction (AISC) is the authority that 
codifies steel construction as applied to buildings. Its specifications are used by 
most governing bodies, and, therefore, the material presented here has been 
written with the AISC specifications in mind. We assumed-indeed, it is nec­
essary-that the user of this book have an eighth edition of the AISC Manual 
of Steel Construction. Our book complements, but does not replace, the ideas 
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presented in the Manual. Various tables from the Manual have been reprinted 
here, with permission, for the convenience of the user. 

We assume that the user is familiar with methods of structural analysis. It is 
the responsibility of the designer to assure that proper loadings are used and 
proper details employed to implement the assumed behavior of the structure. 

In this book, the chapters follow a sequence best suited for a person familiar 
with steel design. For classroom use, the book has been arranged for a two­
quarter curriculum as follows: 

First quarter-Chapters 1 through 6. Section 3.2 and Examples 3.7 through 
3.11 should be omitted and left for discussion in the second quarter. Fur­
thermore, examples in Section 3.1 could be merely introduced initially and 
discussed fully after Chapters 5 and 6 have been covered. This amount of 
material, if properly covered, will enable the student to understand the 
fundamentals of steel design and to comprehensively design simple steel 
structures. 

Second quarter-Chapters 7 through 10 and Section 3.2. This material is 
complementary to steel design. An instructor can follow any desired order 
because these chapters are totally independent of each other. 

This book can also be used for a one-semester course in steel design by cov­
ering Chapters 1 through 6, as discussed above for First quarter, and Chapters 
9 and 10. An instructor may also want to include some material from Chapter 
7. 

In conclusion, we would like to thank all our friends, families, and colleagues 
who provided help and understanding during the writing of this manuscript. 
Without their help and cooperation, we might never have made this book a 
reality. 

Chicago, Illinois 

RENE AMON 

BRUCE KNOBLOCH 

ATANU MAZUMDER 



Symbols and Abbreviations 

A 

AASHTO 

AISCM 

AISCS 
B 

Cross-sectional area, in.2 

Gross area of an axially loaded compression member, in.2 

Nominal body area of a fastener, in.2 

Actual area of effective concrete flange in composite design, in.2 
Concrete transformed area in compression, in.2 

= (~) t 

Effective net area of an axially loaded tension member, in.2 

Area of compression flange, in.2 
Effective tension flange area, in.2 

Gross beam flange area, in. 2 

Net beam flange area, in. 2 

Gross area of member, in.2 

Net area of an axially loaded tension member, in.2 

Area of steel beam in composite design, in. 2 

Cross-sectional area of a stiffener or pair of stiffeners, in. 2 

Net tension area, in. 2 

Net shear area, in. 2 

Area of girder web, in. 2 

Area of steel bearing concentrically on a concrete support, in. 2 

Maximum area of the portion of the supporting surface that is ge-
ometrically similar to and concentric with the loaded area, in. 2 

American Association of State Highway and Transportation Offi­
cials 

American Institute of Steel Construction Manual of Steel Construc-
tion, Allowable Stress Design 

American Institute of Steel Construction Specifications 
Allowable load per bolt, kips 
Width of column base plate 

xv 



xvi SYMBOLS AND ABBREVIATIONS 

D 

DL 

F;' 

Load per bolt, including prying action, kips 
Area of column divided by its appropriate section modulus 
Coefficient for determining allowable loads in kips for eccentrically 

loaded connections 
Coefficient used in Table 3 of Numerical Values 
Constant used in calculating moment for end-plate design: 1.13 for 

36-ksi and 1.11 for 50-ksi steel 
Bending coefficient dependent upon moment gradient 

= 1.75 + 1.05 (~J + 0.3 (~~y 
Coefficient used in calculating moment for end-plate design 
= ~bf/bp 
Column slenderness ratio separating elastic and inelastic buckling 
Coefficient applied to bending term in interaction equation for pris-

matic members and dependent upon column curvature caused by 
applied moments 

Ratio of' 'critical" web stress, according to the linear buckling the­
ory, to the shear yield stress of web material 

Coefficient for web tear-out (block shear) 
Increment used in computing minimum spacing of oversized and 

slotted holes 
Coefficient for web tear-out (block shear) 
Increment used in computing minimum edge distance for oversized 

and slotted holes 
Factor depending upon type of transverse stiffeners 
Outside diameter of tubular member, in. 
Number of ~-inches in weld size 
Clear distance between flanges of a built-up bridge section, in. 
Dead load 
Subscript indicating dead load 
Modulus of elasticity of steel (29,000 ksi) 
Modulus of elasticity of concrete, ksi 
Maximum induced stress in the bottom flange of a bridge stringer 

due to wind loading when the top flange is continuously sup­
ported, psi 

Axial compressive stress permitted in a prismatic member in the 
absence of bending moment, ksi 

Bending stress permitted in a prismatic member in the absence of 
axial force, ksi 

Allowable bending stress in compression flange of plate girders as 
reduced for hybrid girders or because of large web depth-to­
thickness ratio, ksi 
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Stress in the bottom flange of a bridge stringer due to wind loading, 
psi 

Euler stress for a prismatic member divided by factor of safety, ksi 
Allowable bearing stress, ksi 
Allowable axial tensile stress, ksi 
Specified minimum tensile strength of the type of steel or fastener 

being used, ksi 
Allowable shear stress, ksi 
Weld capacity, kips/in. 
Specified minimum yield stress of the type of steel being used, ksi. 

As used in the Manual, "yield stress" denotes either the speci­
fied minimum yield point (for those steels that have a yield point) 
or specified minimum yield strength (for those steels that do not 
have a yield point) 

The theoretical maximum yield stress (ksi) based on the width­
thickness ratio of one-half the unstiffened compression flange, 
beyond which a particular shape is not "compact." See AISC 
Specification Sect. B5.l. 

[ 65 Y 
= bf /2tf J 
The theoretical maximum yield stress (ksi) based on the depth­

thickness ratio of the web below which a particular shape may 
be considered "compact" for any condition of combined bending 
and axial stresses. See AISC Specification Sect. B5.l. 

= [ 25712 
d/twJ 

Specified minimum column yield stress, ksi 
Specified minimum yield stress of flange, ksi 
Specified minimum stiffener yield stress, ksi 
Specified minimum yield stress of beam web, ksi 
Shear modulus of elasticity of steel (11,200 ksi) 
Force in termination region of cover plate, kips 
Length of a stud shear connector after welding, in. 
Moment of inertia of a section, in.4 
Impact factor 
Subscript indicating impact 
Effective moment of inertia of composite sections for deflection 

computations, in.4 
Moment of inertia of steel beam in composite construction, in.4 
Moment of inertia of transformed composite section, in.4 
Moment of inertia of a section about the X - X axis, in.4 

Moment of inertia of a section about the Y - Yaxis, in.4 
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J Torsional constant of a cross-section, in.4 
Polar moment of inertia of a bolt or weld group, in.4 

K Effective length factor for a prismatic member 
L Span length, ft 

Length of connection angles, in. 
Unbraced length of tensile members, in. 
Unbraced length of member measured between centers of gravity 

of the bracing members, in. 
Plate length, in. 
Column length, ft. 

LL Live load 
Subscript indicating live load 

Lc Maximum unbraced length of the compression flange at which the 
allowable bending stress may be taken at O.66F" or as determined 
by AISC Specification Eq. (FI-3) or Eq. (F2-3), when applica­
ble, ft 

Lu Maximum unbraced length of the compression flange at which the 
allowable bending stress may be taken at O.6F,., ft 

Lt. Span for maximum allowable web shear of uniformly loaded beam, 

M 

Mrange 

N 

ft 
Moment, kip-ft 
Maximum factored bending moment, kip-ft 
Smaller moment at end of unbraced length of beam-column, kip-ft 
Larger moment at end of unbraced length of beam-column, kip-ft 
Moment produced by dead load, kip-ft 
Moment produced by live load, kip-ft 
Moment produced by loads imposed after the concrete has achieved 

75 % of its required strength, kip-ft 
Beam resisting moment, kip-ft 
Moment induced in the bottom flange of a bridge stringer due to 

wind loading, Ib-ft 
Extreme fiber bending moment in end-plate design, kip-in. 
Plastic moment, kip-ft 
Range of the applied moment, kip-ft 
Length of base plate, in. 
Length of bearing of applied load, in. 
Length at end bearing to develop maximum web shear, in. 
Number of stud shear connectors on a beam in one transverse rib 

of a metal deck, not to exceed 3 in calculations 
N, Number of shear connectors required between point of maximum 

moment and point of zero moment 
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Number of shear connectors required between concentrated load 
and point of zero moment 

Applied load, kips 
Force transmitted by a fastener, kips 
Factored axial load, kips 
Normal force, kips 
Force in the concrete slab in composite bridge sections, pounds 
Force in the concrete slab in composite bridge sections, pounds 
= AsFy 
Force in the concrete slab in composite bridge sections, pounds 
= O.85f~bts 
Beam reaction divided by the number of bolts in high-strength bolted 

connection, kips 
Plate bearing capacity in single-plate shear connections, kips 
Tee stem bearing capacity in tee framing shear connections, kips 
Factored beam flange or connection plate force in a restrained con-

nection, kips 
Maximum strength of an axially loaded compression member or 

beam, kips 
Euler buckling load, kips 
Effective horizontal bolt distance used in end-plate connection de­

sign, in. 
Distance between top or bottom of top flange to nearest bolt, in. 
Force, from a beam flange or moment connection plate, that a col­

umn will resist without stiffeners, as determined using Eq. (Kl-
1), kips 

Force, from a beam flange or moment connection plate, that a col­
umn will resist without stiffeners, as determined using Eq. (Kl-
8), kips 

Force, in addition to P WO' that a column will resist without stiffe­
ners, from a beam flange or moment connection plate of one inch 
thickness, as derived from Eq. (KI-9), kips 

Force, from a beam flange or moment connection plate of zero 
thickness, that a column will resist without stiffeners, as derived 
from Eq. (KI-9), kips 

Plastic axial load, equal to profile area times specified minimum 
yield stress, kips 

Applied load range, kips 
Prying force per fastener, kips 
First statical moment of the area used for horizontal shear compu­

tations, in. 3 
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R 

R,o 

S 

SD 

s, 

S, 

SYMBOLS AND ABBREVIATIONS 

Maximum end reaction for 3~ in. of bearing, kips 
Reaction or concentration load applied to beam or girder, kips 
Radius, in. 
Constant used in determining the maximum induced stress due to 

wind in bottom flange of a bridge stringer 
A constant used in web yielding calculations, from Eq. (Kl-3), kips 
= 0.66 F\, tw (2.5k) 

A constant used in web yielding calculations, from Eq. (Kl-3), 
kips/in. 

= 0.66 F\, tw 

A constant used in web crippling calculations, from Eq. (Kl-5), 
kips 

= 34 t~ . .JF\'wtj/tw 
A constant used in web crippling calculations, from Eq. (KI-5), 

kips/in. 

= 34 t~ l3G)(~r5J .JFrwtj/tw 

Resistance to web tear-out (block shear), kips 
Plate girder bending strength reduction factor 
Hybrid girder factor 
Increase in reaction R in kips for each additional inch of bearing 
Net shear fracture capacity of the plate in single-plate shear con-

nections, kips 
Net shear fracture capacity of the tee stem in tee framing shear 

connections, kips 
Plate capacity in yielding in single-plate shear connections, kips 
Tee stem capacity in yielding in tee framing shear connection, kips 
Shear capacity of the net section of connection angles 
Allowable shear or bearing value for one fastener, kips 
Elastic section modulus, in. 3 

Stringer spacing, ft. 
Superimposed dead load 
Subscript indicating superimposed dead load 
Effective section modulus corresponding to partial composite ac­

tion, in.' 
Range of horizontal shear at the slab-girder interface in composite 

bridge sections, kips/in. 
Section modulus of steel beam used in composite design, referred 

to the bottom flange, in. 3 

Section modulus of transformed composite cross-section, referred 
to the top of concrete, in. 3 
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Sfr Section modulus of transfonned composite cross section, referred 
to the bottom flange; based upon maximum pennitted effective 
width of concrete flange, in. 3 

Sx Elastic section modulus about the X - X axis, in. 3 

Su Ultimate strength of a shear connector in composite bridge sections, 
pounds 

T Horizontal force in flanges of a beam to fonn a couple equal to 
beam end moment, kips 

Bolt force, kips 
Distance between web toes of fillet at top and at bottom of web, 

In. 

= d - 2k 
Tb Specified pretension of a high-strength bolt, kips 
U Factor for converting bending moment with respect to Y - Yaxis 

to an equivalent bending moment with respect to X - X axis 
FbxSx 
FbySy 

Reduction coefficient used in calculating effective net area 
V Maximum web shear, kips 

Statical shear on beam, kips 
Shear produced by factored loading, kips 

Vh Total horizontal shear to be resisted by connectors under full com-
posite action, kips 

V;' Total horizontal shear provided by the connectors providing partial 
composite action, kips 

Vr Range of shear due to live loads and impact, kips 
W Total unifonn load, including weight of beam, kips 
Y Ratio of yield stress of web steel to yield stress of stiffener steel 
Z Plastic section modulus, in. 3 

Zx Plastic section modulus with respect to the major (X - X) axis, 
in. 3 

Zy Plastic section modulus with respect to the minor (Y - Y) axis, in. 3 

Zr Allowable range of horizontal shear on an individual shear connec-
tor in composite bridge sections, pounds 

a Distance from bolt line to application of prying force Q, in. 
Clear distance between transverse stiffeners, in. 
Dimension parallel to the direction of stress, in. 

a I Distance beyond theoretical cut -off point required at ends of welded 
partial length cover plate to develop stress, in. 

b Actual width of stiffened and un stiffened compression elements, in. 
Dimension nonnal to the direction of stress, in. 
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Fastener spacing vertically, in. 
Distance from the bolt centerline to the face of tee stem or angle 

leg in determining prying action, in. 
Effective concrete slab width based on AISC Specification Sect. II, 

in. 
be Effective width of stiffened compression element, in. 
b! Flange width of rolled beam or plate girder, in. 
bjb Beam flange width in end-plate design, in. 
bp End-plate width, in. 
b,r Transformed concrete slab width, in. 
d Depth of column, beam or girder, in. 

Nominal diameter of a fastener, in. 
Stud diameter, in. 

db Bolt diameter, in. 
de Web depth clear of fillets, in. 
dh Diameter of hole, in. 
e Eccentricity or distance from point of load application to bolt line 
eo Distance from outside face of web to the shear center of a channel 

section, in. 
fAxial compression stress on member based on effective area, ksi 
fa Computed axial stress, ksi 
fb Computed bending stress, ksi 
f; Specified compression strength of concrete, ksi 
1;, Actual bearing pressure on support, ksi 
j, Computed tensile stress, ksi 
j" Computed shear stress, ksi 
/.,s Shear between girder web and transverse stiffeners kips per linear 

inch of single stiffener or pair of stiffeners 
g Transverse spacing locating fastener gage lines, in. 
h Clear distance between flanges of a beam or girder at the section 

under investigation, in. 
hr Nominal rib height for steel deck, in. 
k Distance from outer face of flange to web toe of fillet of rolled 

shape or equivalent distance on welded section, in. 
k" Shear buckling coefficient for girder webs 
I For beams, distance between cross sections braced against twist or 

lateral displacement of the compression flange, in. 
For columns, actual unbraced length of member, in. 
Unsupported length of a lacing bar, in. 
Length of weld, in. 
Largest laterally unbraced length along either flange at the point of 

load, in. 



n 

n' 

s 

t 
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Actual unbraced length in plane of bending, in. 
Distance from centerline of fastener hole to free edge of part in the 

direction of the force, in. 
Distance from centerline of fastener hole to end of beam web, in. 
Weld lengths, in. 
Factor for converting bending to an approximate equivalent axial 

load in columns subjected to combined loading conditions 
Cantilever dimension of base plate, in. 
Number of fasteners in one vertical row 
Cantilever dimension of base plate, in. 
Modular ratio (E / Ec) 
An equivalent cantilever dimension of a base plate, in. 
Allowable horizontal shear to be resisted by a shear connector, kips 
Governing radius of gyration, in. 
Radius of gyration of a section comprising the compression flange 

plus ~ of the compression web area, taken about an axis in the 
plane of the web, in. 

Radius of gyration with respect to the X - X axis, in. 
Radius of gyration with respect to the Y - Yaxis, in. 
Radius of gyration with respect to Y - Yaxis of double angle mem­

ber, in. 
Longitudinal center-to-center spacing (pitch) of any two consecu-

tive holes, in. 
Thickness of a connected part, in. 
Wall thickness of a tubular member, in. 
Angle thickness, in. 
Compression element thickness, in. 
Thickness of concrete in compression, in. 
Thickness of beam flange or moment connection plate at rigid beam-

to-column connection, in. 
Thickness of flange used in prying, in. 
Flange thickness, in. 
Thickness of beam flange in end-plate connection design, in. 
Thickness of concrete slab above metal deck, in. 
End-plate thickness, in. 
Stiffener plate thickness, in. 
Thickness of concrete slab in composite bridge sections, in. 
Web thickness, in. 
Column web thickness, in. 
Length of channel shear connectors, in. 
Plate width (distance between welds), in. 
Weld size, in. 
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Wr Average width of rib or haunch of concrete slab on fonned steel 
deck, in. 

x Subscript relating symbol to strong axis bending 
Y Subscript relating symbol to weak axis bending 
Ys Distance from neutral axis of steel section to bottom of steel, in. 
Y,r Distance from neutral axis of composite beam to bottom of steel, 

in. 
a Constant used in equation for hybrid girder factor Re , Ch. G 

= 0.6 Fyw/ Fb ~ 1.0 
Moment ratio used in prying action fonnula for end-plate design 

{3 Ratio S,r/Ss or S~J//Ss 
~ Beam deflection, in. 

Displacement of the neutral axis of a loaded member from its po­
sition when the member is not loaded, in. 

a Ratio of net area (at bolt line) to the gross area (at the face of the 
stem on angle leg) 

v Poisson's ratio, may be taken as 0.3 for steel 
<P Reduction factor = 0.85 

Angle of rotation, rad. 
Symbol representing the diameter of a circular element 

kip 1,000 lb 
ksi Expression of stress in kips per sq. in. 



Introduction 

0.1 STEEL AS A BUILDING MATERIAL 

From the dawn of history, man has been searching for the perfect building 
material to construct his dwellings. Not until the discovery of iron and its man­
ufacture into steel did he find the needed material to largely fulfill his dreams. 
All other building materials discovered and used in construction until then 
proved to be either too weak (wood), too bulky (stone), too temporary (mud 
and twigs), or too deficient in resisting tension and fracture under bending (stone 
and concrete). Other than its somewhat unusual ability to resist compression 
and tension without being overly bulky, steel has many other properties that 
have made it one of the most common building materials today. Brief descrip­
tions of some of these properties follow. Some of the other concepts not dis­
cussed here have been introduced in treatments of the strength of materials and 
similar courses and will not be repeated. 

High strength. Today steel comes in various strengths, designated by its yield 
stress Fy or by its ultimate tensile stress Fu' Even steel of the lowest strengths 
can claim higher ratios of strength to unit weight or volume than any of the 
other common building materials in current use. This allows steel structures 
to be designed for smaller dead loads and larger spans, leaving more room 
(and volume) for use. 

Ease of erection. Steel construction allows virtually all members of a struc­
ture to be prefabricated in the shops, leaving only erection to be completed 
in the field. As most structural components are standard rolled shapes, readily 
available from suppliers, the time required to produce all the members for a 
structure can often be shortened. Because steel members are generally stan­
dard shapes having known properties and are available through various pro­
ducers, analyzing, remodeling, and adding to an existing structure are very 
easily accomplished. 

xxv 
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Fig. 0.1. Typical stress-strain curves for two common classes of structural steel. 
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Fig. 0.2. Initial portions of the typical stress-strain curves shown in Fig. 0.1. 
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Uniformity. The properties of steel as a material and as structural shapes are 
so rigidly controlled that engineers can expect the members to behave rea­
sonably as expected, thus reducing overdesign due to uncertainties. Figure 
0.1 shows typical stress-strain curves for two types of structural steel. The 
initial portions of these curves are shown in Fig. 0.2. 

Ductility. The property of steel that enables it to withstand extensive defor­
mations under high tensile stresses without failure, called ductility, gives steel 
structures the ability to resist sudden collapse. This property is extremely 

Fig. 0.3. Fabrication of special trusses at a job site to be used for the wall and roof structural 
system for the atrium lobby of an office building. Note that the trusses, made from tubular sections, 
are partially prefabricated in the shop to transportable lengths and assembled at the site to form 
each member. 
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valuable when one considers the safety of the occupants of a building subject 
to, for instance, a sudden shock, such as an earthquake. 

Some of the other advantages of structual steel are (1) speed of erection, (2) 
weldability, (3) possible reuse of structural components, (4) scrap value of un­
reusable components, and (5) permanence of the structure with proper mainte­
nance. Steel also has several disadvantages, among which are (1) the need to 
fireproof structural components to meet local fire codes, (2) the maintenance 
costs to protect the steel from excessive corrosion, and (3) its susceptibility to 
buckling of slender members capable of carrying its axial loads but unable to 
prevent lateral displacements. Engineers should note that under high tempera­
tures, such as those reached during building fires, the strength of structural steel 
is severely reduced, and only fireproofing or similar protection can prevent the 
structural members from sudden collapse. Heavy timber structural members 
usually resist collapse much longer than unprotected structural steel. The most 
common methods of protecting steel members against fire are a sprayed-on coat­
ing (about 2 in.) of a cementitious mixture, full concrete embedment, or en­
casement by fire-resistant materials, such as gypsum board. 

0.2 LOADS AND SAFETY FACTORS 

Components of a structure must be designed to resist applied loads without 
excessive deformations or stresses. These loads are due to the dead weight of 
the structure and its components, such as walls and floors; snow; wind; earth­
quakes; and people and objects supported by the structure. These loads can be 
applied to a member along its longitudinal axis (axially), causing it to elongate 
or shorten depending on the load; perpendicular to its axis (transversely), caus­
ing it to flex in a bending mode; by a moment about its axis (torsionally), 
causing the member to twist about that axis; or by a combination of any two or 
all three. It is very important for the engineer to recognize all the loads acting 
on each and every element of a structure and on the entire structure as a whole 
and to determine which mode they are applied in and the combinations of loads 
that critically affect the individual components and the entire structure. The 
study of these loads and their effects is primarily the domain of structural anal­
ysis. 

Loads are generally categorized into two types, dead and live. Loads that are 
permanent, steady, and due to gravity forces on the structural elements (dead 
weight) are called dead loads. Estimating the magnitudes of dead loads is usu­
ally quite accurate, and Table 0.1 can be used for that purpose. Live loads, 
however, are not necessarily permanent or steady and are due to forces acting 
on a structure's superimposed elements, such as people and furniture, or due to 
wind, snow, earthquakes, etc. Unlike dead loads, live loads cannot be accu-
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Fig. 0.4. A typical steel-frame high-rise building under construction. Note how. in steel construc­
tion, the entire structure can be framed and erected before other trades commence work, thus 
reducing conflict and interference among various trades. 

rately predicted, but can only be estimated. To relieve the engineer of the bur­
den of estimating live loads, building codes often dictate the magnitude of the 
loads, based on structure type and occupancy. National research and standard­
ization organizations, such as the American Society of Civil Engineers (ASCE), I 
and other national and city building codes dictate the magnitude of wind, snow, 
and earthquake loads based on extensive research data. It is important to deter­
mine which codes govern in a particular situation and then to find the applicable 
loads which must act on the structure. Some average values for dead and live 
loads for buildings that can be used for preliminary design are shown in Table 
0.1. 

A structure cannot be designed just to resist the estimated dead loads and the 
estimated or code-specified live loads. If that were allowed, the slightest vari­
ation of loads toward the high side would cause the structure or member to 
deform unacceptably (considered failure). To avoid this, the stresses in the 
members are knowingly kept to a safe level below the ultimate limit. This safe 
level is usually specified to be between one-half and two-thirds of the yield 

'''Minimum Design Loads for Buildings and Other Structures." American Society of Civil Engi­
neers (ASCE 7-88: formerly ANSI A58.1-1982), New York. 1990. 
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Table 0.1 Approximate Values of Some Common 
Loads in Building Design 

Material Weight Units 

Dead Loads (Weights) of Some Common Building Materials" 

Plain concrete (normal weight) 145 pcf 
Reinforced concrete (normal weight) ISO pcf 
Lightweight concrete 85-130 pcf 
Masonry (brick, concrete block) 120-145 pcf 
Earth (gravel, sand, clay) 70-120 pcf 
Steel 490 pcf 
Stone (limestone, marble) 165 pcf 
Brick walls 

4 in. 40 psf 
8 in. 80 psf 

12 in. 120 psf 
Hollow concrete block walls 

Heavy aggregate 
4 in. 30 psf 
6 in. 43 psf 
8 in. 55 psf 

12 in. 80 psf 
Light aggregate 

4 in. 21 psf 
6 in. 30 psf 
8 in. 38 psf 

12 in. 55 psf 
Wood (seasoned) 25-50 pcf 

Live Loadsh 

Rooms (residences, hotels, etc.) 40 psf 
Offices 50 psf 
Corridors 80-\00 psf 
Assembly rooms, lobbies, theaters 100 psf 
Wind (depends on location, terrain, and 15-60 psf 

height above the ground) 
Snow (depends on location and roof type) 10-80 psf 

"See pages 6-7 through 6-9 of the AISCM for weights and specific gravities of 
other materials. 
·See AISCS A4 for specific rules about loading and AISCS AS.2 for provisions 
concerning wind and eanhquake loads. 

stress level, which means that from one-half to one-third of a member's capacity 
is kept on reserve for uncertainties in loading, material properties, and work­
manship. This reserve capacity is the safety factor. 

In the United States, the American Institute of Steel Construction (AISC) 
recommends what safety factors should be used for every type of structural steel 
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Fig. 0.5. Wide-flange beam and girder floor system with sprayed-on cementitious fireproofing. 
Note that openings in the webs are reinforced because they are large and occur at locations of large 
shear. 

component for buildings. These safety factors are usually determined from ex­
periments conducted or approved by the AISC. Most municipalities in the United 
States have local building codes that require that the AISC specifications be 
met. Structures other than buildings are designed according to other specifica­
tions, such as the American Association of State Highway and Transportation 
Officials (AASHTO) for highway bridges and the American Railway Engineer­
ing Association (AREA) for railway bridges. Throughout this book, the AISC 
specifications will be referred to as AISCS. These specifications can be found 
in the AISC Manual of Steel Construction, Allowable Stress Design, from here 
on called AISCM. 

The design philosophy of the AISCS can be stated as follows: All structural 
members and connections must be proportioned so that the maximum stresses 
due to the applied loads do not exceed the allowable stresses given in Chapters 
D through K of the specification (AISCS A5.I). These allowable stresses are 
typically a function of the yield stress F, or the ultimate stress Fu of the steel 
divided by an appropriate factor of safety (as noted above). The allowable 
stresses given in the AISCS may be increased by one-third if the stresses are 
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produced by wind or seismic loads acting alone or in combination with the dead 
and live loads, provided that the required section is satisfactory for only dead 
and live loads without the increase (AISCS A5.2). The increase mentioned above 
does not apply, however, to the allowable stress ranges for fatigue loading given 
in Appendix K4 of the AISCS. It is important to note that when computing the 
maximum bending stresses for simply supported beams or girders, the effective 
length of the span should be taken as the distance between the centers of gravity 
of the supporting members (AISCS 88). 

The steels which are approved for use are given in AISCS A3.l.a. Each of 
the steels listed has an American Society for Testing and Materials (ASTM) 
designation. The various types of steels and their corresponding values of Fy 
and Fu are listed in Table \, p. \-7 of the AISCM. One of the steels which is 
often used in building design is ASTM A36 (Fy = 36 ksi, Fu = 58 ksi). For 
this reason, unless specifically stated otherwise, the reader should assume A36 
steel for all examples and problems to be solved throughout this book. Addi­
tionally, because of their popularity, the same assumption should be made for 
E70 electrodes when dealing with welds. 



1 
Tension Members 

1.1 TENSION MEMBERS' 

A tension member is defined as an element capable of resisting tensile loads 
along its longitudinal axis. Classic examples are bottom chords of trusses and 
sag rods (Fig. 1.1). For the most part, the shape of the cross section has little 
effect on the tensile capacity of a member. The net cross-sectional area will be 
uniformly stressed except at points of load applications and their vicinity (St. 
Venant's principle). If fasteners are used, it may become necessary to design 
for stress concentrations near the fasteners, referred to as shear lag. Other stress 
buildups, in the form of bending stresses, will develop if the centers of gravity 
of the connected members do not line up. This effect is usually neglected, how­
ever, in statically loaded members (AISCS 11.9). 

Allowable stresses are computed for both gross member area and effective 
net area. The gross area stress is designed to remain below the yield stress, at 
which point excessive deformations will occur, and the effective net area is 
designed to prevent local fracture. 

To account for the effective net area, it is necessary to use reduction coeffi­
cients for tension members that are not connected through all elements of the 
cross section. This provision is intended to account for the phenomenon of shear 
lag. For example, the angle in Fig. 1.2 is connected through one leg. The shear 
stress being transferred through its bolts will concentrate at the connection. The 
effect of shear lag will diminish, however, as the number of fasteners increases. 

1.2 GROSS, NET, AND EFFECTIVE NET SECTIONS 

The gross section of a member, Ag , is defined as the sum of the products of the 
thickness and the gross width of each element as measured normal to the axis 

'This chapter deals with members subjected to pure tensile stresses only. For the case of members 
subjected to tension and flexure. refer to Chap. 4. Sect. 4.5. 
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> 
Sag rod used 
to laterally 
support roof 
purlins 

~ ?~ ~ ~ 

Fig. 1.1. Common examples of tension members. 

of the member (AISCS B 1). This is the cross-sectional area of the member with 
no parts removed. 

The net width multiplied by the member thickness is the net area. Net width 
is determined by deducting from the gross width the sum of all holes in the 
section cut. In AISCS B2, the code states: "The width of a bolt or rivet shall 
be taken as rt, in. larger than the nominal dimension of the hole." AISC Table 
J3. 1 lists the diameter of holes as a function of fastener size. For standard holes, 
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Tensile stress 

--p 

Fig. 1.2. Shear lag concept. Because the stress is transferred through the bolts, a concentration of 
tensile stress occurs at the bolt holes. As the number of bolts increases, the magnitude of shear lag 
decreases (see AISCS Commentary B3). 

Fig. 1.3. John Hancock Building, Chicago. (Courtesy of u.s. Steel) 
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the hole diameter is n, in. larger than the nominal fastener size. Thus, a value 
of fastener diameter plus -Ii in. (d + n, + n,) must be used in computing net 
sections. 

Example 1.1. Determine the net area of a 4 x 4 x ! angle with one line of 
3-~-in. bolts as shown. 

-l1" -2f-i--2f- 1" -1- 1-L4 4 

1" I 1-
2 

t" 
0 0 0 I ",,'" 

2.1. I 
2 

L L 
Solution. The net area is equal to the gross area less the sum of the nominal 
hole dimension plus n, in. (AISCS B2). 

Ag = 3.75 in. 2 

An = 3.75 in. 2 - [i in. + (T6 in. + T6 in.)] x ! in. = 3.31 in. 2 

If there is a chain of holes on a diagonal or forming a zigzag pattern, as in 
Fig. 1.4, the net width is taken as the gross width minus the diameter of all the 
holes in the chain and then adding for each gage space in the chain the quantity 

4g 
(1.1) 

where s is the longitudinal spacing (pitch), in inches, of two consecutive holes 
and g is the transverse spacing (gage), in inches, of the same two holes (AISCS 
B2). 

The critical net section is taken at the chain that yields the least net width. In 
no case, however, shall the net section, when taken through riveted or bolted 
splices, gusset plates, or other connection fittings subject to a tensile force ex­
ceed 85% of the gross section (AISCS B3). 

For determining the areas of angles, the gross width is the sum of the widths 
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~o g I 0 0 
~ g±E;-o "" g I 0 0 gl I 

: 9 

p- -p 

1-5+5 -

Fig. 104. Gage and pitch spacing. 

of the legs less the angle thickness (AISCS BI). The gage for holes in opposite 
legs, as shown in Fig. 1.5, is the sum of the gages from the back of the angle 
less the angle thickness (AISCS B2). 

g = gh + gv - t 

W = W h + Wv - t 

Fig. 1.5. Measurement of gage dimension and gross width for angles. 

Example 1.2. Determine the net area of the plate below if the holes are for 
~-in. bolts. 

12" 

G H 

It ·r x 12" 

·r q, Bolts 
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Solution. To find the net section, consult the AISC Code Section B2. The net 
width must be calculated by considering all possible lines of failure and de­
ducting the diameters of the holes in the chain. Then for each diagonal path, 
the quantity (i /4g) is added, where s = longitudinal spacing (pitch) of any 
two consecutive holes and g = transverse spacing (gage) of the same two holes. 
The critical net section is the chain that gives the least net width. The net critical 
width is then multiplied by the thickness to obtain the net area (AISCS B2). 

Chain 

ACEG 

BDFH 

ACDEG 

ACDFH 

S2 

Width - Holes + - for each diagonal path 
4g 

12 - 2 x (i + V = 10.0" 

12 - 2 x (i + V = 10.0" 

12 - 3 x (i + V + (22 /4(2.5» + (22 /4(2.5» = 9.8" 

12 - 3 x (i + V + (22 /4(2.5» = 9.4" 

ACDEFH 12 - 4 x (i + V + 3 X (22/4(2.5» = 9.2" 

Critical section = 9.2 in. x 1 in. = 4.6 in. 2 

:. An = 4.6 in. 2 

Example 1.3. For the two lines of bolt holes shown, determine the pitch (s) 
that will give a net section along ABCDEF equal to a net section through two 
holes. Holes are for ~-in. bolts. 

1" 1-
4 

A 
B I 

-r- 0 ' I +-4" I "-'-..'-.. i c 
1--0 

-= 14f r -I---f­
~I __ OD 
4" I ,,/ I 
~EI,,/ I 

9 I 

1" F~~ 1- s 
4 

° WT7X45 -r </J Bolts 

° 
° 

° 

Solution. The section through four holes plus the quantity 2 x (S2 /4g) must 
equal the gross section minus two holes. 
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14.5 - 4 x - + - + 2 x -- = 14.5 - 2 x - + -(3 1) i (3 1) 
4 8 4x4 4 8 

S2 

11.0 +"8 = 12.75 

i = 14 s = 3.74 in. 

Use pitch of 3i in. 

Example 1.4. A single angle tension member 6 x 4 x i has gage lines in the 
legs as shown. Determine the pitch (s) for i-in. rivets. so that the reduction in 
area is equivalent to two holes in line. 

A 
l l ' 

~.:, 2. + 2"2 
3" 

-4" =4" ," 
9-lJ" 4 

2-

J. 

I 

0 sO 
II 

"","-
/1 

"""~ cO I 
\' L6X4X1 

\1 r q, Rivets 
0 DO 

I 

I--S~ E 

Solution. Because of the angle thickness, the gross width of the angle must be 
(6 + 4 - i) = 9.25 in. 

Path ABDE = path ABCDE 

Path ABDE = 9.25 - 2 X G + i) = 7.5 in. 

Path ABCDE = 9.25 - 3 X (~ + !) + ~ + S2 
4 8 4 X 4 4 X 2.5 

i i 
= 6.625 + - +-

16 10 

i i 
7 5 = 6.625 + - + -. 16 10 

(5 + 8)S2 

0.875 = 80 

S2 = 5.3,85 s = 2.32 in. 

Use pitch of 2i in. 
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The calculation of the effective net area Ae is given in AISCS 83 for bolted, 
riveted, and welded connections. 

If the tensile force is transmitted by bolts or rivets through some, but not all, 
of the cross-sectional elements of the member, then Ae is given by (83-1): 

(1.2) 

where An is the net area of the member as defined previously and U is a reduc­
tion coefficient. Values of U based on the requirements set forth in AISCS 83 
can be found in Table 1.1. 

When a tensile force is transmitted by welds through some, but not all, of the 
cross-sectional elements of the member, then (83-2) should be used to deter­
mine the value of Ae: 

( 1.3) 

where Ai? is the gross cross-sectional area of the member. When transverse welds 
are used to transmit the tensile load to some, but not all, of the cross-sectional 
elements of W, M, or S shapes and WT sections cut from these shapes, then 
the effective area Ae is defined in AISCS 83 as the area of the directly connected 
elements only. An example of this provision is shown in Fig. 1.6. 

For the case when the tensile load is transmitted to a plate by longitudinal 
welds along both edges at the end of the plate, the effective net area Ae is given 
by (83-2). The values of the reduction coefficients U to be used are given in 
Fig. 1.7. Note that the length, I, of the longitudinal welds shall not be less than 
the width of the plate for any case. 

Although not stated in AISCS 83, the AISCS Commentary 83 gives a con­
servative method to determine U for situations not covered in the specification. 

Table 1.1. Values for the Reduction Coefficient U Based 
on AISCS B3. 

Shape" 

I) W, M, or S shapes where hi ~ ~ d. 
Tee sections from above shapes 
Connection to the flanges. 

2) W, M, or S shapes not meeting 
above conditions and all other 
shapes including built-up sections 

3) All members 

"hj = flange width; d = member depth. 

No. of Fasteners 
Per Line 

3 or more 

3 or more 
2 

u 

0.90 

0.85 
0.75 



TENSION MEMBERS 9 

Fig. 1.6. Calculation of A, for a member with a transverse weld. 

~ ;;. w (AISCS 83) 

Length, ~ u 

~>2w 1.0 

2w>~> 1.5w 0.87 

1.5w>~>w 0.75 

Fig. 1.7. Values of U for a plate with longitudinal welds on both edges. 

Figure 1.8 illustrates this method for the case of a rolled member with longi­
tudinal welds along each edge of the flange only. Note that this method will 
yield more conservative values of U than those which are specifically given in 
AISCS B3 for both bolted and welded connections. 

For the case of shapes which are connected by both longitudinal welds and 



10 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

x = distance from the centroid of the shape to the 
plane of the connection, in. 

Q = weld length, in. 

U= 1- ~ , 

Fig. 1.8. Detennination of U as defined in AISCS Commentary B3. 

transverse welds at the ends, it is the understanding of the authors that the 
effective net area Ae can be taken as 0.85Ag (i.e., U = 0.85). For plates, how­
ever, U should equal 1 since the tensile load is transmitted directly to the total 
cross-sectional area of the member. When a tensile load is transmitted by lon­
gitudinal or a combination of longitudinal and transverse welds through one leg 
of a single-angle tensile member, Sect. 2 of the Specification for Allowable 
Stress Design of Single-Angle Members requires that At' = 0.85Ag (see eqn. 
(2-1), p. 5-310). 

Example 1.5. What is the effective net area of the angle in Example 1.1? 

Solution. The effective net area is the product of the net area and the required 
reduction coefficient (AISCS B3). 

U = 0.85 (from Table 1.1) 

An = 3.31 in. 2 (from Example 1.1) 

Ae = 0.85 x 3.31 in. 2 = 2.81 in. 2 

Example 1.6. Determine At' for the WT 7 x 13 shown below. 
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Solution. Ae = area of directly connected elements (AISCS B3) 

= bf x tf 

= 5.025 in. x 0.42 in. = 2.11 in. 2 

Example 1.7. Determine Ae for the 1 x 5 in. plate shown below if (a) I = 7 
in., (b) I = 8.5 in., (c) I = 11 in. 

1'L~ ~-p 
p-~F-+--____ -+---,I =r 

t----~----t 

Solution. Ae = VAg (B3-2) 

Ag = 1 in. x 5 in. = 5 in. 2 

w = 5 in., 1.5w = 7.5 in., 2w = 10 in. 

a) Since 1.5w > I > w in this case, then V = 0.75 (see Fig. 1.7) 
and Ae = 0.75 x 5 = 3.75 in. 2 

b) Since 2 w > I > 1.5w in this case, then V = 0.87 
and Ae = 0.87 x 5 = 4.35 in. 2 

c) Since I> 2w, then V = 1.0 and Ae = 5 in. 2 

Example 1.8. Determine Ae for the WT 5 x 15 shown below. 
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Solution. Since this problem is not specifically referred to in AISCS B3, use 
the procedure given in the commentary (see Fig. 1.8): 

V=1 
x 

x = 1.1 in. (see AISCM Properties Section) 

I = 6 in. 

1.1 
V = 1 - 6 = 0.82 

Ae = VAg = 0.82 X 4.42 = 3.61 in. 2 

1.3 ALLOWABLE TENSILE STRESSES 

A tension member can fail in either of two modes: excessive elongation of the 
gross section or localized fracture of the net section. 

As an applied tensile force increases, the strain will increase linearly until the 
stress reaches its yield stress Fy (Fig. 1.9). At this point, inelastic strain will 
develop and continue in the ultimate stress (Fu) region, where additional stress 
capacity is realized. Once the yield stress has been reached and inelastic elon­
gation occurs, the member's usefulness is diminished. Furthermore, the failure 
of other members in the structural system may result. To safeguard against yield 
failure, the AISCS Dl states that stress on the gross member section (except 

Fu 

' .. 
"'" 
~. 

e 
cil F y 

- ------ --:;.;;o-----r--~ 

Stress-strain region 
for gross member area 

Strain, in./in. 

Fig. 1.9. Stress-strain diagram of mild steel. The design of tension members is based on strain 
(rate of elongation) on the gross member area and stress on the effective net area. 



TENSION MEMBERS 13 

pin-connected members) shall not exceed 

F, = O.60Fy (1.4) 

Localized fracture will occur at the net section of least resistance. The value 
of the load may be less than that required to yield the gross area. Therefore, 
the stress on the effective net section, as defined in AISCS D 1, shall not be 
greater than 

F, = 0.50Fu (1.5) 

Hence, a factor of safety of 1.67 against yielding of the entire member and 2.0 
against fracture of the weakest effective net area has been established. 

For pin-connected members, the allowable stress on its net section is given 
in AISCS D3.1: 

F, = 0.45Fy (1.6) 

Table 1.2. Allowable Stresses 
for Tension Members. 

OnNe! On Gross 
Area Area 

F,. 0.45 F,. 0.60 F,. 

36 16.2 22.0 
42 18.9 25.2 
45 20.3 27.0 
50 22.5 30.0 
55 24.8 33.0 
60 27.0 36.0 
65 29.3 39.0 
90 40.5 54.0 

100 45.0 60.0 

On Nominal On Elf. 
Rod Area Net Area 

Fu 0.33 Fu 0.50 Fu 

58.0 19.1 29.0 
60.0 19.8 30.0 
65.0 21.5 32.5 
70.0 23.1 35.0 
75.0 24.8 37.5 
80.0 26.4 40.0 

100.0 33.0 50.0 
110.0 36.3 55.0 
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The design of threaded rods incorporates the use of the nominal area of the 
rod, that is, the area corresponding to its gross diameter. To allow for the re­
duced area through the threaded part, the allowable stress for threaded bars is 
now limited to (see Table 13.2): 

(1.7) 

Computed values of allowable yield stress and allowable ultimate stress are 
provided in Table 1.2. These values can also be obtained from Tables 1 and 2 
in the AISC Numerical Values Section, pp. 5-117 and 5-118. 

Example 1.9. Determine the member capacity for the section shown in Ex­
ample 1.1. 

Solution. From Ex. 1.1, AI( = 3.75 in. 2 

An = 3.31 in. 2 

From Ex. 1.5, Ae = 2.81 in. 2 

[
O.6F\.AK = 22 X 3.75 = 82.5 k 

P max = lesser of 
O.5FuAe = 29 x 2.81 = 81.5 k (governs) 

Example 1.10. What tensile load can a 4 x 4 x ~ angle carry with the con­
nections shown? 

Fillet 

0 
~r ¢ Bolts 0 

10" 
0 J_ 0 

(a) (b) (c) 
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Solution. 

For a 4 X 4 x i angle 

Ag = 2.86 in. 2 

a) 

b) 

c) 

An = 2.86 in.2 - [i in. x (i in. + kin. + kin.)] = 2.53 in. 2 

U = 0.75 (from Table 1.1) 

Ae = 0.75 x 2.53 in. 2 = 1.90 in.2 

[
0.6Fy Ag = 22 x 2.86 = 62.9 k 

P max = lesser of 
0.5FuAe = 29 x 1.90 = 55.1 k (governs) 

U = 0.85 

Ae = 0.85 x 2.53 in.2 = 2.15 in.2 

[
22 x 2.86 = 62.9 k 

P max = lesser of 
29 x 2.15 = 62.4 k (governs) 

From eqn. (2-1), p. 5-310, 

Ae = 0.85 x 2.86 in.2 = 2.43 in.2 

_ [22 x 2.86 = 62.9 k (governs) 
P max - lesser of 

29 x 2.43 = 70.5 k 

From AISCS Commentary B3 (C-Bl-l), 

X 1.14 . 2 
U = 1 - I = 1 - 10 = 0.89; Ae = 0.89 x 2.86 = 2.55 m. 

_ [22 x 2.86 = 62.9 k (governs) 
P max - lesser of 

29 x 2.55 = 73.8 k 



16 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

Example 1.11. Detennine the maximum tensile load a ~ x 7-in. plate connec­
tion fitting can carry if it has welded connections and punched holes as shown. 
Use A572 Gr 50 steel. 

1---10"---1 

--- -
1{" ¢J Bolts 

Solution. The lesser of the critical loads which can be transmitted through the 
bolts (P,) or through the longitudinal welds (P2) will govern. 

• For the bolted connection: 

An = 5.25 - 2 x [0 .75 X (1.25 + VJ = 3.19 in. 2 

An.max = 0.85Ag = 4.46 in. 2 for short connection fittings 

Therefore, An = 3. 19 in. 2 (governs) 
Since V = I, Ae = An = 3.19 in. 2 

[
0.6Fy Ag = 30 X 5.25 = 157.5 k 

PI = lesser of 
0.5FuAe = 32.5 X 3.19 = 103.7 k (governs) 

• For the welded connection: 

Ae = VAg 

I = 10 in., w = 7 in., 1.5w = 10.5 in.; therefore, V = 0.75 

A" = 0.75 x 5.25 = 3.94 in? 

[
30 x 5.25 = 157.5 k 

P2 = lesser of 
32.5 x 3.94 = 128.1 k (governs) 

Since P, = 103.7 k is less than P2 = 128.1 k, the maximum load the plate 
connection can resist is Pmax = 103.7 k. 
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Example 1.12. Calculate the allowable tensile load in the ~-in. x 14-in. plate. 
The holes are for i-in. bolts; use A36 steel. 

Solution. 

Chain 

ABDG 

ABDEF 

ABCEF 

ABCDG 

3 l-r ~" x 14" It 

I I I -r ¢Bolts 
4" 

C / I I 
o I t 
I \ I 3" 14"-

I b D_ 1 

I Ii 1" 
Ell I o I 1" 

FI IG 1"2 

f 

S2 
Width - Holes + - for each diagonal path (AISCS B2) 

4g 

14 - 2 x (i + i) = 12.25 in. 

14 - 3 X (i + i) + 22 /4(4) = 11.625 in. 

14 - 3 x (i + i) + 22 /4(4) = 11.625 in. 

14 - 3 x (i + V + 22 /4(4) + 22 /4(3) = 11.96 in. 

ABCDEF 14 - 4 x (i + i) + 2 x (22 /4(4» + 22 /4(3) = 11.33 in. 

Critical section = 11.33 in. x ~ in. = 5.67 in. 2 = An-

A, = 1.0 An = 5.67 in. 2 

_ [22 x 7.0 = 154 k (governs) 
P max - lesser of 

29 x 5.67 = 164.4 k 

Example 1.13. A single angle tension member L 6 x 6 x ~ has two gage lines 
in each leg as shown. Determine the allowable tension load that can be carried. 
Holes are for i-in. bolts. 
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A E I 
I I I l l ' 

O O~ 
BO I "'2-T1 " 

I '" I 
: "'OF "'/o--+f- _~N ~ 

",0,. I i l I' 2 + 2 - II CD 

I--+---,L--!---+~/_-- 1 1" _IN l3-

C~/ : cf 0+ ±~ 
i "'-, I "'- 2f <0 , '0 t I OG 1-

2
1 " 

I I 
t 

Solution. 

Path ABCD or EFGH (6 + 6 - D -2 X G + 0 = 9.75 in. 

Path ABFCGH ( 6 + 6 - !) - 4 x (~ + !) + 2 X (2.5)2 
2 4 8 4 X 2.5 

(2.5)2 . 
+ ( 1) = 9.70 m. 

4x 2+2--
2 

Path ABFCD ( 6 + 6 - !) - 3 X (~ + !) + (2.5)2 
2 4 8 4 X 2.5 

(2.5)2 . 
+ ( 1) = 9.95 m. 

4x 2+2--
2 

Path ABFGH ( 6 + 6 - !) - 3 X (~ + !) + (2.5)2 
2 4 8 4 X 2.5 

= 9.5 in. (governs) 

Ag = 5.75 in.2 

A - 9 5 . I' - 4 75' 2 n - • m. X 2" m. - . m. 

Ae = 1.0 X 4.75 = 4.75 in. 2 

_ [22 X 5.75 = 126.5 k (governs) 
P max - lesser of 

29 X 4.75 = 137.8 k 
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Example 1.14. A threaded rod cut from A36 stock is to be used as a tie bar 
carrying a 10-kip tensile force. Determine the diameter required. 

Solution. The allowable tensile stress can be found in AISC Table J3.2, and is 
repeated in Table 1.2 for convenience. 

F/ = 0.33 Fu = 19.1 ksi 

The stress is to be calculated on the nominal body area 

p' 10k .2 
A = - = 9 1 k . = 0.52 m. 

F/ 1. SI 

7rd2 

4> 0.52 in. 2 

d2 > 0.66 in.2 

d > 0.81 in. 

Use minimum ~-in. cf> rod. 

1.4 AISC DESIGN AIDS 

The AISCM provides a chart to determine net areas for double angles in tension. 
Common double angles used as tension members are given on p. 4-96 for two, 
four, and six holes out. To use, simply find the angle designation in the left 
column and find the number of holes out in the fastener size in the top row. To 
find An' as determined in accordance with AISCS Bl and B2, carry the angle 
designation across and the fastener diameter down until the two lines intersect. 
The appropriate U value is then applied to determine the effective net section. 
Values for single angles can also be determined by assuming one hole out in­
stead of two for double angles, two holes out instead of four, and three holes 
out instead of six, and noting that the area will be one-half of the value listed. 

AISCM (p. 4-98) also provides a table for area reductions due to holes. The 
thickness of steel along the left margin is matched with the hole diameter, and 
the value determined is the area of the hole. 

Values for i /4g can be determined from the chart on p. 4-99 labeled "Net 
Section of Tension Members." Entering the chart on the side with the gage 
value g, carry the line across until it intersects the curve for the appropriate 
pitch s. The value found vertically above or below that point is i /4g. 
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Fig. 1.10. Wind bracing for an office building, each made from four angles. Note the stiffeners 
on the beam web to resist the large concentrated reactions from the braces. 

Example 1.15. Using the AISC Design Aids, find the net area for two 4 x 4 
x ~ angles with two rows of ~-in. bolts in each angle. 

Four holes out 

Solution. The 4 x 4 x ~-in. angle can be found in the "Connections" section 
of AISCM, With two ~-in. bolts in each of the angles, there are a total of four 
holes out. Finding the correct column for ~-in. fasteners with four holes out, 
follow down until it intersects with the row of L 4 x 4 x ~ in. The value for 
the net area is 4.41 in. 2 

All = 4.41 in. 2 

Example 1.16. Using the AISC chart, find the net area for an angle 6 x 4 x 
~ with two rows of ~-in. bolts. 
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Solution. The angle 6 X 4 x i can be considered as one-half of a double angle. 
Therefore, use the column for four holes out with a double angle. Reading down 
the column for i-in. fasteners and across for the L 6 x 4 x i in. yields a value 
of 5.91 in. 2. Because this gives the net area for two angles, the value must be 
divided by 2, which gives a net area for a single angle as 2.95 in. 2 

Example 1.17. Two 6 x 4 x 1 angles are connected with long legs back to 
back. Assume two rows of i-in. bolts are used in the long legs and one row of 
i-in. bolts is used in the short legs. Determine the maximum tensile load that 
can be carried. 

Solution. Two methods will be shown, one using the tables in the AISCM. 
a) Using the AISCM, determine the number of holes out, and read down the 

column of the row corresponding to the angle designation. 
From the AISCM 

Ag = 2 x 4.75 in. 2 = 9.50 in. 2 

An = 6.88 in. 2 (p. 4-96) 

U = 1.0 

Ae = 1.0 x An = 6.88 in. 2 

[
22 x 9.5 = 209 k 

P max = lesser of 
29 x 6.88 = 199.5 k (governs) 

b) An = 2 x [4.75 in. 2 - 3 x 1 in. X (i in. + ~ in.)] = 6.88 in. 2 

The rest of the computation is the same as part a. 

Example 1.18. Using the AISC charts for tension member net areas, determine 
the net areas and maximum tensile load for 

a) 6 X 6 X i angle connected by two lines of 3-i-in. bolts in one leg. 
b) 6 X 6 X i angle connected by one line of 3-i-in. bolts in each leg, and 

connected with lug angles. 
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J1 
V 

o 0 0 - - 0 - -

"" "" 
::... 

o 0 - -0 - - 0 

o 0 0 
- . 0 . 

-f--

- '-

(a) (b) 

Solution. 

Ag = 8.44 in. 2 

a) Using the column for ~-in. fasteners with four holes out (two holes out in 
a single angle), and the row for L 6 x 6 x ~ 

U = 0.85 

Ae = 0.85 x 7.15 in. 2 = 6.08 in. 2 

Ag = 8.44 in. 2 

[
22 x 8.44 = 185.7 k 

P max = lesser of 
29 x 6.08 = 176.3 k (governs) 

b) The load is transferred through both legs of the angle, and therefore no 
reduction need be taken: 

U = l.0 

Ae = 7.15 in. 2 
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_ [22 x 8.44 = 185.7 k (governs) 
P max - lesser of 

29 x 7.15 = 207.4 k 

1.5 SLENDERNESS AND ELONGATION 

To prevent lateral movement or vibrations, the AISC recommends limits to the 
slenderness ratio I I r for tension members other than rods. Although not essen­
tial to structural integrity, AISCS B7 recommends that the slenderness ratio I I r 
be limited to 300, where I is the length of the member in inches and r is the 

least radius of gyration, equal to .j I I A. 
Provided tension members are designed within stated allowable stresses, 

elongations of tension members should not be critical. Should the elongation of 
a member be desired, however, it can be calculated in the elastic range (fr :5 

Fy) by 

PI 
.6. =­

AE 
(1.8) 

where I is the member length in inches and E is the modulus of elasticity. For 
this calculation, the area should be taken as the gross area, though at net sec­
tions the strain value will locally be greater. 

Example 1.19. A WT 8 x 13 structural tee is used as a main tension member 
with a length of 20 ft. Determine if the member is within recommended AISC 
limits to the slenderness ratio. 

Solution. (AISCS B7) 

I 
- :5 300 
r 

The member length in inches is 20 ft x 12 in. 1ft = 240 in. 

Checking properties for designing, r xx = 2.47 in., ryy = 1.12 in. 
Use ryy = 1.12 in. (least value): 

240 in. --- = 214 
r 1.12 in. 

214 < 300 ok 

The member satisfies the AISC recommended slenderness limit. 
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Example 1.20. A 5 x 3 x ~-in. angle is used as a bracing member carrying 
tension. The member is to be within recommended AISC slenderness ratio lim­
its. Determine the maximum length of the member to be within AISC limits. 

Solution. (AISCS B7) 

- :5 300 
r 

I :5 300 x r 

r xx = 1.61 in.; ryy = 0.853 in.; r zz = 0.658 in. 

Use rzz = 0.658 in. 

I < 300 x 0.658 in. = 197.4 in. = 16.45 ft 

To satisfy recommended AISC slenderness limits, the length of the member 
cannot exceed 16 ft, 5 in. 

Example 1.21. Design the 12 ft WT 4 structural tee shown to carry 60 kips 
and satisfy the recommended slenderness ratio. Use ~-in. bolts. 

7" 
3,s '" Bolts -

Solution. 

G . 60k 23'2 ross area reqUired = = .7 m. 
22.0 ksi 

"' . 60 k 2 Ef.ectlve net area required = = 2.07 in. 
29.0 ksi 

Using the tables for structural tees cut from W shapes, find the most economical 
section by choosing one with the required area and the least weight. 
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Try WT 4 x 10.5 

Ag = 3.08 in. 2 > 2.73 in. 2 ok 

An = 3.08 in.2 - 2 X [0.400 in. X (~in. + i in.)] = 2.28 in.2 

U = 0.90 (bl = 5.27 in. > i(4.14 in.) = 2.76 in.) 

Ae = U X An = 0.90 X 2.28 in. 2 = 2.05 in? < 2.07 in.2 N.O. 

Try WT 4 X 12 

Ag = 3.54 in. 2 > 2.73 in. 2 ok 

An = 3.54 in. 2 - 2 X lO.4°O in. X Gin. + i in.)] = 2.74 in? 

Ae = 0.90 X 2.74 in.2 = 2.47 in.2 > 2.07 in.2 ok 

rxx = 0.999 in.; ryy = 1.61 in. 

r 
_12_ft_X_I2_in...!....l_ft = 144 < 300 ok 

0.999 in. 

Use WT 4 X 12. 

1.6 PIN-CONNECTED MEMBERS AND EYEBARS 

Eyebar members and pin-connected plates are designed to carry the tensile load 
through the bar and transfer the load through the pinhole to the pin. The allow­
able stress in the eyebar is F, = 0.45Fy and is taken across the member net 
area. Figures 1.11 and 1.12 show the requirements for eyebars and pin-con­
nected plates, as stated in AISCS D3. When exposed to weather, the pins and 
the eyebar may have a tendency to rust, which could freeze the joint and cause 
some distress. To avoid this, many designers prefer using plates of A588 steel 
(Or 50) and stainless steel pins. 
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1 

,.!::l 
---jtr--

! 
dhead dh ~ 
1 

I 

Ahead = t X (dhead - dh ) 

t;;;' 112 in. 

'trans ~ dhead 

w-<8Xt 

1.5w;;;' d head - dh ;;;. 1.33w 

dpin~iXw 

dh = dpin + 1/32 in. 

dh -< 5 X t (Fy > 70 ksi) 

Note: Eyebar shall be of uniform thickness, 
without reinforcement at the pinholes. 

Fig. 1.11. Design requirements of eyebars according to AISCS 03.3. 

Wnet=W~dh 

b, = wne,/2 

b, -< 4 X t 

b 2 ;;;. 2/3 X w ne, 

dh ;;;. 1.25 X (b, or b 2 , whichever is smaller) 

dh -<dpin + 1/32 in. 

Anet = wnet X t 

Ane, ;;;'P1F, 

Fig. 1.12. Design requirements of pin-connected plates according to AISCS 03.2. 

Example 1.22. Design an eyebar to carry a tensile load of 150 kips. 

Solution. (AISCS D3) 

Ft = 0.45Fy (AISCS D3.l) 
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Ft = 16.2 ksi 

150 k _ 9 6' 2 An ~ - .2 m. 
16.2 ksi 

Try plate I~ in. X 7~ in.; Ag = 9.38 in.2 > 150 k/0.6 x 36 = 6.9 in. 2 ok 
(AISCS D3.1) 

W::58t 

7~ in. < 8 x I~ in. 10 in. ok 

dpin ~ ~ X 7~ in. = 6H in. (6.56 in.) 

Use 6~ in. diameter pin 

dn = dpin + rz in. = 6M in. (6.66 in.) 

1.5w ~ dhead - dn ~ 1.33w 

1.5w = 1.5 X 7.5 in. = 11.25 in. 

1.33w = 1.33 X 7.5 in. = 9.98 in. 

6.66 + 11.25 = 17.91 in. ~ dhead ~ 6.66 + 9.98 = 16.64 in. 

Try dhead = 17.25 in. 

Use 17~-in. radius 
Use eyebar as shown. 

13.24 in.2 > 9.26 in.2 ok 

w=7-t" 

! 
,,. 

rtrans = 17"4 
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Example 1.23. Design a pin-connected plate to carry a tensile load of 150 kips. 
Assume the pin diameter to be 5~ in. 

Solution. (AISCS 03) 

Ft = 0.45Fy = 16.2 ksi (AISCS 03.1) 

150 k . 2 
An ?: = 9.26 m. 

16.2 ksi 

Try t = 1~ in. 

Try hi = 4~ in. 

An = (2 X 4i in.) X Ii in. = 9.28 in. 2 > 9.26 in. 2 ok 

dn ?: 1.25 X 4i in. = 5.16 in. 

dn ?: 5* in. + n in. = 5~ in. > 5.16 in. ok 

Use pin-connected plate as shown. 

5- -r 1" 

j 2 

1-(X13f 
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1.7 BUILT-UP MEMBERS 

Requirements for built-up tension members are discussed in AISCS D2. For 
two plates or a plate and a rolled shape, the longitudinal spacing of rivets, bolts, 
or intermittent fillet welds shall not exceed 24 times the thickness of the thinner 
plate nor 12 in. for painted members or unpainted members not subject to cor­
rosion; or 14 times the thickness of the thinner plate, nor 7 in. for unpainted 
members of weathering steel subject to atmospheric corrosion. The longitudinal 
spacing of rivets, bolts, or intermittent welds connecting two or more rolled 

~,;;;; 300 

Qpl;;;,f X g 

t pl ;;;' ~ X g 

s < 6 in. 

b 

Qh' £, ;;;, as specified in AISC Table J3.5, J3.6 

Fig. 1.13. Spacing requirements of tie plates for built-up tension members. 
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shapes shall not exceed 24 in. For members separated by intermittent fillers, 
connections must be made at intervals such that the slenderness ratio of either 
component between the fasteners does not exceed 300. 

Perforated cover plates or tie plates without lacing may be used on the open 
sides of the built-up tension members (Fig. 1.13). Such tie plates must be de­
signed to satisfy the criteria below. The spacing shall be such that the slender­
ness ratio of any component in the length between tie plates will not exceed 
300. 

Example 1.24. A 30-ft pinned member is to consist of four equal leg angles 
arranged as shown. The tensile load is to be 150 kips. One i in. bolt will be 
used in each angle leg at the location of every tie plate. 

Solution. 

. 150 k 
Gross area reqUIred = = 6.82 in.2 

22.0 ksi 

G c 6.82 in. 2 
ross area lor one angle = ---

4 
1.7 in. 2 

EfC • • 150 k 2 
lechve net area reqUIred = . = 5.17 in. 

29.0 kSI 

EfC • 5.17 in. 2 2 
lectlve net area for one angle = = 1.29 in. 

4 



Try L 2! x 2! x !: 

Ag = 2.25 in.2 > 1.7 in.2 ok 

r zz = 0.487 in. 

An = 2.25 - 2 X l G + 0 X ~J = 1.5 in. 2 

Ae = 1 X An = 1.5 in.2 > 1.29 in.2 ok 
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1 = 10 + Ad2 = 4 X [1.23 + 2.25(6 - 0.806lJ = 247.7 in.4 

r=$= 247.7 = 525 . . In. 
4 X 2.25 

I 30 X 12 
- = = 68.6 < 300 ok 
r 5.25 

. .. 300 X 0.487 
MaXImum spacIng of tIe plates = lmax = 12 = 12. 1 ft 

Use 10 ft 0 in. spacing (third points). 

Plate length = lpi ~ ~ g 

Use g = 12 in. - (2 X Ii in.) = 9.25 in. (see Fig. 1.13 and p. 1-52 of the 
AISCM for the usual gages for angles). 

[pi ~ ~(9.25 in.) = 6.167 in. Use 6! in. 

Plate thickness = t ~ gl50 = 9.25 in./50 = 0.185 in. Use kin. 

Minimum width of tie plates = g + 2lh•min 

lh.min = Ii in. (see Table J3.5) 

Minimum width = 9.25 in. + (2 X Ii in.) = 11.5 in. 
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Use tie plates ft, x 6! x 111 in. at a maximum spacing of 10 ft 0 in. 

Example 1.25. Design the most economical W 6 or W 8 shape to carry a 
100-kip tensile load. The length is to be 20 ft, and two rows of 3-~-in. bolts 
will be used in each flange. 

Solution. 

100 k . 2 
Gross area required = = 4.55 In. 

22.0 ksi 

100 k 3 5' 2 Effective net area required = 29.0 ksi = .4 In. 

Try W 6 x 16 

A = 4.74 in?, tf = 0.405 in., hf = 4.03 in., d = 6.28 in. 

An = 4.74 in. 2 - 4 x [(i in. + k in.) x 0.405 in.] = 3.32 in. 2 

hf = 4.03 in. < ~(6.28 in.) = 4.19 in. :. U = 0.85 

Ae = U x An = 0.85 x 3.32 in.2 = 2.82 in. 2 < 3.45 in. 2 N.G. 

Try W 8 x 18 

A = 5.26 in. 2 , tf = 0.33 in., hf = 5.25 in., d = 8.14 in. 

An = 5.26 in. 2 - 4 X l (~in. + i in.) X 0.33 in.] = 4.11 in.2 

hf = 5.25 in. < ~ (8.14 in.) = 5.42 in. :. U = 0.85 

Ae = U X An = 0.85 X 4.11 in? = 3.49 in.2 > 3.45 in. 2 ok 

I = 240 in.; ryy = 1.23 in. 

240 in. 
--- = 195 < 300 ok 

r 1.23 in. 

Use W 8 X 18. 
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Example 1.26. Design the most economical common single angle to carry a 
50-kip tensile load. The angle is to be 15 ft long and is to be connected by four 
i-in. bolts in one line in one leg. 

Solution. 

. 50 k 2 
Gross area reqUired = 22.0 ksi = 2.27 in. 

50 k 
Effective net area required = 29.0 ksi = 1.72 in. 2 (U = 0.85) 

In determining the most economical angle, choose the angle with the least area 
that can carry the load. Therefore, the easiest method of investigating different 
angles is to make a table, as shown below. Note that the only angle which will 
not satisfy the strength requirements is L 3! x 3 xi. 

Lightest Angles Wt Gross Area of Effective 
Available klft Area (in. 2) One Hole (in. 2). Net Area (in. 2) 

3! x 3 xi 7.9 2.30 0.33 1.67 
3~X3!xi 8.5 2.48 0.33 1.83 
4x4x-h 8.2 2.40 0.27 1.81 
5x3x-h 8.2 2.40 0.27 1.81 

.(1 + ~ in.) x thickness. 

r zz = 0.687 in. 

~ = 15 ft x 12 in. 1ft = 262 < 300 ok, but not the lightest section. 
r 0.687 in. 

Try L 5 X 3 x ft,: 

r zz = 0.658 in. 

- = 
r 

15 ft X 12. in. 1ft = 273.6 ok 
0.658 m. 
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Try L 4 x 4 x &: 

rzz = 0.791 in. 

~ = 15 ft x 12 in. 1ft = 2276 ok 
r 0.791 in. . 

Use L 4 x 4 x & or L 5 x 3 x k 

1.8 FATIGUE 

Occasionally, it becomes necessary to design for fatigue if frequent variations 
or reversals in stress occur. An example of a system that encounters fluctuations 
is found in bridge structures. AISCS K4 and Appendix K4 give fatigue provi­
sions. See Appendix A in this text for a discussion on fatigue. 

PROBLEMS TO BE SOLVED 

1.1. Using AISCS, determine the tensile capacity for the following tension 
members connected by welds: 

a) One angle 4 x 6 x ~, A36 steel, 6-in. outstanding leg 
b) One angle 4 x 6 x ~, A572 Gr 50, 4-in. outstanding leg 
c) One W 8 x 24, A36 steel 
d) One C 8 x 11.5, A572 Gr 50 steel 

t 

1 
7" 

! 

(a). (b) 
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1.3. Detennine the tensile capacity of 1-in.-thick plates connected as shown. 
Use i-in. diameter bolts. 

iJ· 2 

p.-- 0 0 ott 0,. --.p 

I 1" 5-

I ! 
la) 

0 0 1112-f 
o 11 

P'-- 1 6" --.p 

0 0 oJ-~ " : 2~ 
2 

Ib) 

1 " 

0 0 0 1-

I 4" 
2 

P.-- 0 0 ott --.p 

I 4" 

0 0 0 1 1" 1-
2 

Ie) 

1.4. Calculate Pallowable for the plates shown if t = 1 in., and bolt diameter = 
~ in. Use A572 Gr 50 steel. 

Il· 
0 11 

IT I 6" 

o I j 
IT i j 

la) 

--. p --- ~ 

r 
OL 
ol£f 

11" o 1 I 

o11:-f 
I 

I 
1~ 

2 

Ib) 

" 

~"" ---p 
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1.5. Detennine the tensile capacity of the plate shown if F" = 36 ksi, t = ~ 
in., and bolt diameter is ~ in. -

r- 3"- I 

p~ 

6 I,l" 
I 2 

I I ! I 2" 
0-1 

I ~" 
---"'" 0 I ! "':.. I ! --p 

I 2" O+-+-I I 2" 
0 I ! 

I 1" 

I ""2 
-I," ~2" f 

1.6. Detennine the tensile capacity of a 7 x 4 x ~ angle as shown if bolt 
diameter = I in. Holes in the 4-in. leg have a l~-in. edge distance. Use A572 
Gr 50 steel. 

0 0 0 

p----
I 

","-

0 0 

E~ 1;::V;l ~~ 

f--3"-1--3"-1--3"--3"-

1" ,-
2 

1 
~~ r -p 

t" 2-2 
t 

\ 7 X4 X..o. 
4 

1.7. Calculate the pitch s, such that the net area is equal to the gross area less 
the area of two holes. What is the allowable tensile force if bolt diameters is ~ 
in. and A572 Gr 50 steel is used? 

-s 

o o 
p~ 

o o 
--"T""'~-_-r---~-r-----r-~ 

" 'I I I I I 

L8X8Xi 
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1.8. Detennine the pitch s, such that the loss in area is equal to the loss of two 
holes. Use A36 steel and i-in. diameter bolts for the 7 x 4 x i angle. 

L7X4X 3 4"-.., 

0 0 0 

,,"'- "-

0 0 

f---s- -s-f---s--s-

1.9. What is the maximum recommended length for a 4 x 4 x ~ angle tension 
member? 

1.10. A 30-ft-long angle of equal legs is to carry 150 kips. Design the tension 
member so that it is within the recommended slenderness ratio. Assume the 
angle will have longitudinal welds on one leg only. 

1.11. Design a round tension bar to carry 100 kips. Use threaded ends and 
A572 Or 50 steel. 

1.12. Design an eyebar to carry 200 kips. Use A36 steel. 

1.13. Design a pin-connected plate to carry 200 kips. Assume 6-in. ct> pin and 
A36 steel. 

1.14. Design the 14 x 14-in. tension member shown to carry 200 kips if L = 

5C{ ft, Fv = 36 ksi, and bolt diameter = i in. Use 3-~-in. leg maximum. 

r~-L::l1 
I~. II II f <P bolts (typ.) II 14" 

t:11 4 EQual.leg:lS, 11 
Lacing 

-~-

~14"~ 



2 
Members under Flexure: 1 

2.1 MEMBERS UNDER FLEXURE 

Flexural members are generally defined as structural members that support 
transverse loads. This chapter will cover the design of simple flexural members 
only. 

According to Chapter F of the AISC, two types of flexural members are con­
sidered: beams and plate girders. Beams are distinguished from plate girders 
when the web slenderness ratio h / tw is less than or equal to 760/.JF", where 
h is the clear distance between the flanges, tw is the thickness of the web, and 
Fb is the allowable bending stress in ksi. The discussion of plate girders is given 
in Chapter 3. 

Beams can usually be categorized into the following: 
• beams per se 
• joists, which are closely spaced beams supporting floors and roofs of build­

ings 
• lintels, which span openings in walls, such as doors and windows 
• spandrel beams, which support the exterior walls of buildings and, in some 

cases, part of the floor loads 
• girders, which are generally large beams carrying smaller ones 

Beams can be designed as simply supported, fixed-ended, partially fixed, or 
continuous. It is very important that the designer verify that the support con­
ditions of the beam be detailed to satisfy design assumptions for the member to 
behave as predicted in its analysis. 

2.2 DETERMINING THE ALLOWABLE BENDING STRESS 

Bending stress in a beam is determined by the flexure formula 
Me 

fb =-
I 

(2.1) 

39 
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Fig. 2.1. A wide-flange beam and girder floor system. 

where M is the bending moment, c is the distance of the extreme fibers of the 
beam from the neutral axis, and I is the moment of inertia of the cross section. 
Because the section modulus of a beam is defined as the value 1/ c, the flexure 
formula becomes 

where S is the section modulus. 

M 
ii, = s (2.2) 

Example 2.1. Calculate the maximum bending stress fh due to a 170-ft-k mo­
ment about the strong axis on a: I 

a) W 12 x 65 wide-flange beam 
b) W 18 x 65 wide-flange beam 

'd. I. and S can be obtained in the Dimensions and Properties Section of the AISCM. pp. I-lOft·. 
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Solution. 

a) For a W 12 X 65, Sx = 87.9 in.3 

170 ft-k x 12 in./ft . 
fbx = 87 9' 3 = 23.2 kSI 

. In. 

b) For a W 18 X 65, Sx = 117 in.3 

170 ft-k X 12 in. 1ft 
ibx = 117 in.3 17.4 ksi 

Example 2.2. Detennine the bending stress on a W 12 X 79 subjected to a 
moment of 80 ft-k about a) the strong axis b) the weak axis. 

Solution. For a W 12 X 79, Sx = 107 in.3, Sy = 35.8 in. 3 

a) 
80 ft-k X 12 in. 1ft . 

ibx = 107 in.3 = 8.97 kSI 

b) 
80 ft-k X 12 in. 1ft . 

fby = 35 8' 3 = 26.8 kSI 
. In. 

The allowable bending stresses are given in AISCS Fl, F2, and F3 for strong 
axis bending ofI-shaped members and channels; weak axis bending ofI-shaped 
members, solid bars, and rectangular plates; and bending of box members, rect­
angular tubes, and circular tubes, respectively. The following discussion will 
present these allowable stresses in detail. 

Allowable Stress: Strong Axis Bending of I-Shaped Members and 
Channels (AISCS F1) 

For a compact member whose compression flange is adequately braced, the 
allowable bending stress Fb is given by (Fl-l): 

(2.3) 

Compact members are defined as those capable of developing their full plastic 
moment before localized buckling occurs, provided that the conditions in AISCS 
Fl.l are satisfied. The yield stresses beyond which a shape is not compact are 
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labeled F; and F;" and are given in the properties tables in the AISCM? The 
limits for compactness are given in Table B5.1. Almost all of the Wand S 
shapes are compact for A36 steel, and only some are not compact for 50 ksi 
steel. 

Members bent about their major axis and having an axis of symmetry may 
fail by buckling of their compression flange and twisting about the longitudinal 
axis. To avoid this, the member must be "laterally braced" within certain in­
tervals to resist such buckling. When a transverse load is applied to a beam, the 
compression flange behaves in the same manner as a column. As the length of 
the member increases, the flange tends to buckle. The resulting displacements 
in the weaker axis will induce torsion and may ultimately cause failure. 

What constitutes lateral support is at times a matter of judgment. A beam 
flange encased in a concrete slab is fully laterally supported. Cross beams fram­
ing into the sides of beams provide lateral support if an adequate connection is 
made to the compression flange. However, care must be taken to provide rig­
idity to the cross beams. It may be necessary to provide diagonal bracing in one 
section to resist movement in both directions. Bracing as shown in Fig. 2.2 will 
provide rigidity for several bays. 

Metal decking, in some cases, does not constitute lateral bracing. With ade­
quate connections, up to full lateral support may be assumed. Cases of partial 
support are usually transformed to full support by a multiple of the actual spac­
ing. For instance, decking that is tack-welded every 4 ft may be considered to 
provide a third of the full lateral support, yielding an equivalent full lateral 
support every 12 ft. 

In most situations, the compression flange is laterally supported, and there­
fore Fb = 0.66Fy , as given in eqn. (2.3). At times, however, it is not possible 
to brace the compression flange. In such cases, Fb = 0.66Fy , provided that the 
interval of lateral support Lb is less than the smaller of the values of Lc as given 

2The stresses F:. and F,':' are defined in the Symbols Section of the ninth edition of the AISCS 
(preceding the index). For the benefit of the reader, these definitions are as follows: 

F:. The theoretical maximum yield stress (ksi) based on the width-thickness ratio of one-half the 
. unstiffened compression Range, beyond which a particular shape is not "compact." 

l 65 12 
= bj /2tj 

F;" The theoretical maximum yield stress (ksi) based on the depth-thickness ratio of the web below 
which a particular shape may be considered "compact" for any condition of combined bending 
and axial stresses. 

l257 12 

= d/t .. 
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I----------I--~~----I 

Fig. 2.2. Lateral bracing of a floor or roof framing system. Bracing in one bay can offer rigidity 
for several bays. 

in (Fl-2): 

whichever is smaller (2.4) 

The AISC, in Section FI.3, specifies the stresses that can be used for certain 
unbraced lengths. Considering lateral instability, Fb = O.66Fy, provided that 
the unsupported length of a beam is less than or equal to Le. The value Fb = 
O.60Fy may be used when the unsupported length falls between Le and another 
established length Lu' 

The value of Lu is the length which provides the equality for the largest Fb in 
eqns. (FI-6) or (FI-7) and (FI-8) as applicable: 

When 
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Fig. 2.3. Lateral bracing for a floor system made with channel sections. 

(2.5) 

When 

(2.6) 

For any value of 1/ rT: 

(2.7) 

where all quantities are defined in the AISCM. In general, for any unsupported 
length Lh greater than LII , the largest F", as detennined by eqns. (2.5) or (2.6) 
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\ 
\ 

0.66 Fy f------e--------\;;..:::-Calculated stress could 
\ be larger than 0.60 Fy ' 

---+-------~ but may not be used 

Largest of values 
determined by eqs. 
(2.5) or (2.6) and (2.7) 
but less than 0.60 Fy 

Unsupported length, Lb 

Limit determined by Limit determined 
AISCS F 1.1 by Fb ; 0.60 Fy 

Fig. 2.4. Bending stress versus unsupported length. In the range of relatively short, unsupported 
lengths, the allowable stress is given as a step function. For longer, unsupported lengths, the stress 
is determined by a hyperbolic-type function. 

and (2.7), is the one that governs. Figure 2.4 indicates the values of the allow­
able stress for different unsupported lengths. 

For noncompact members as, defined in AISCS Fl.2, with their compression 
flanges braced at a distance less than Leo the allowable bending stress is given 
in (Fl-3): 

Fb = Fl'r 0.79 - 0.002 hJ ~J . L 2tJ . 
(2.8) 

Note that for noncompact members with compression flanges braced at a dis­
tance greater than Leo the discussion given above for the allowable bending 
stresses of compact members is also valid. The study of more slender beams 
(i.e., those sections that exceed the noncom pact limits of Table B5. 1) is beyond 
the scope of this text. The use of design aids that are available in the AISCM 
will be discussed in the following examples. 

Examples 2.3 and 2.7. Select the most economical3 W sections for the beams 
shown. Assume full lateral support and compactness. Neglect the weight of the 
beam. 

'Usually, "most economical" means the lightest section. However, in some cases (e.g., conditions 
of clearance), it may be ~lifferent. 
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Example 2.3 

40 kip 

l 
A I ~ 

1--1 T -0" --1--1 T -O"--l 

Solution 2.3. 

PL 40 k x 34 ft 
M = - = = 340 ft-k 

4 4 

Fb = 0.66 F" for full lateral support (AISCS Fl.l) 

Fb = 0.66 x 36 ksi = 24.0 ksi (for A36 steel; Numerical Values 
Table 1, p. 5-117) 

M 340 ft-k x 12 in·/ft 170 in. 3 
Sreq = Fb = 24 ksi = 

W shapes that are satisfactory (from properties tables) 

W 12 x 136 S = 186 in. 3 

W 14 x 109 S = 173 
W 16 x 100 S = 175 
W 18 x 97 S = 188 
W 21 x 83 S = 171 
W 24 x 76 S = 176 
W 27 x 84 S = 213 
W 30 x 99 S = 269 
W 33 x 118 S = 359 
W 36 x 135 S = 439 

The last number represents the member weight per foot length. Therefore, W 
24 x 76 is the lightest satisfactory section. 

The AISCM has provided design aids which facilitate the selection of an 
economical W or M shape in accordance with AISCS Fl (see AISCM, p. 2-4). 
If the beam satisfies the requirements of compactness and lateral support as 
given in AISCS Fl.l (i.e., Fb = 0.66F),), then the most economical beam can 
be obtained for steels having F" = 36 ksi or F" = 50 ksi (shaded in gray) by 
utilizing the Allowable Stress Design Selection Table, which begins on p. 2-7. 
Once the maximum moment for the beam has been determined, enter the table 
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and choose the first beam that appears in boldface type with a moment capacity 
MR greater than or equal to the maximum applied moment. This is the most 
economical beam for this moment. Note that all of the beams above (and, pos­
sibly, some of the beam below) have sufficient capacity but are not the most 
economical. Similarly, the required section modulus Sx can be determined (i.e., 
Sx = Mmax /(0.66Fy», and the table can be used to obtain an economical beam 
in the same way as for MR' It is important to note that if the stress Fb is different 
from 0.66FY' then the method described previously that uses the required sec­
tion modulus Sx can only be used to obtain an economical beam size. 

For this case, a W 24 x 76 is the lightest section which satisfies the moment 
requirements (i.e., MR = 348 ft-k is larger than the applied moment M = 340 
ft-k). If there was a restriction on the depth of this beam equal to 20 in., then 
a W 18 x 97, W 16 x 100, or W 14 x 109 could be used. Obviously, the W 
18 x 97 would be the most economical section in this case. 

Example 2.4 

2.35 kip/ft. i III1111111 11)1 

f-I· ---34'-----1·1 

Solution 2.4. 

WL2 2.35 k x (34 ft)2 = 339.6 ft-k 
Mmax = 8 = 8 

Fb = 0.66 Fy = 24.0 ksi 

M 339.6 ft-k x 12 in. 1ft 
Sreq = Fb = 24 ksi 169.8 in. 3 

W shapes that are satisfactory are the same W shapes that are satisfactory for 
Example 2.3. 

The lightest section is W 24 x 76, Sx = 176 in.3 

Alternative approach 

Sreq = 169.8 in. 3 

From Sx tables (Part 2), W 24 x 76 (in bold print) has an Sx of 176 in. 3 and 
for Fy = 36 ksi can carry a moment of 348 ft-k. 

Use W 24 x 76 
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Example 2.5 
15 k 10 k 

I~. 10.-------i--~ 5j 

Solution 2.5. 

Mmax = (15 k X 10 ft) + (10 k x 15 ft) = 300 ft-k 

Fb = 24.0 ksi 

S = M = 300 ft-k X 12 in·/ft 150 in.3 
req Fb 24.0 ksi 

Through investigation, W 24 x 68 is the lightest section, S = 154 in. 3 

Alternative approach 

Mreq = 300 ft-k 

From the AISCM, W 24 x 68 (in bold print) has a moment capacity of 305 
ft-k. 

W 24 x 68 is satisfactory and is the lightest section. 

Example 2.6 
40 kip 

~ 2.35 kip!ft. ;)2 t II t t 11111 ~B 

1--17'+17'--1 
Solution 2.6. To detennine the maximum moment, either (a) draw shear and 
moment diagrams, (b) use the method of sections, or (c) use superposition prin­
ciples. 

a) Total load = 40 k + (2.35 k/ft x 34 ft) = 119.9 k 

119.9 k 
RA = RB = 2 = 59.95 k-say 60 k 

Shear just to the left of the 40-k load 

60 k - (2.35 k/ft x 17 ft) = 20 k 
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2.35 kip/ft. I 
A IIJIIIIJ t20 k 

f 17.0' 

60 kip 

60 kip 

I 60 kip 
1680 ft.· kip 

/"" 
1'"--, 

/ r"-i\ 

( '\ 
Mmax at center = area under the shear diagram 

M = 60.0 k + 20.0 k x 17 ft = 680 ft-k 
max 2 

b) RA = RB = 60.0 k 

Mmax at center = (60.0 k x 17 ft) - «2.35 k/ft x 17 ft) 

x (17 ft/2» = 680 ft-k 

c) By inspection, the maximum moment is at the center. 

Moment due to 40-kip load = PL 14 

40 k x 34 ft = 340 ft-k 
4 

Moment due to distributed load = wL 2 18 

2.35 k/ft8X (34 fti = 339.6 ft-k-say 340 ft-k 

Total moment = 340 ft-k + 340 ft-k = 680 ft-k. 

Using the AISCM beam chart, select a W 33 x 118 (in bold print) as the lightest 
satisfactory section with the moment capacity of 711 ft-k for A36 steel. 
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Example 2.7 

:£lllldlllll2t 

1--17'+17'-1 

40 kip 2.35 kip/ft. 

Solution 2.7. Redesign the beam in Example 2.6 for 50-ksi steel. 

Mmax = 680 ft-k (from Example 2.6) 

Fb = 0.66 Fv = 0.66 x 50 ksi = 33.0 ksi 

M 680 ft-k x 12 in·/ft 3 
S = - = . = 247 in. 

req Fb 33.0 kSI 

Using the AISCM beam chart for Fy = 50 ksi, select a W 30 X 99 as the lightest 
satisfactory section, S = 269 in. 3 

Example 2.S. Determine the most economical wide-flange section for the load­
ing case shown. Assume full lateral support. Include the weight of the beam. 

1.5 kip/ft. 

j I I I I II I ! ! I I I 
A I I ~ 

t5'-0" '~-15'-0"-1'-10'-0"~ 
~"'-------30'-0"---------i---i 

R, 

Solution. Reactions, shears, and moments can be determined from the beam 
diagrams and formulas (AISCM p. 2-296). Use diagram I for beam weight and 
diagram 4 for imposed loading. 

• Imposed Loading 

( R') R, Mmax = R, a + - at x = a + -
2w w 

wb 
R = - (2c + b) , 2L 

a = 5 ft, b = 15 ft, c = lO ft, L = 30 ft 
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w = 1.5 k/ft 

1.5 k/ft x 15 ft 
R) = 2 x 30 ft (2(10 ft) + 15 ft) = 13.13 k 

( 13.13 k ) 
Mmax = 13.13 k 5 ft + 2(1.5 k/ft) = 123.12 ft-k 

13.13 k 
x = 5 ft + 1.5 k/ft = 13.75 ft 

• Beam Loading 

Assume beam weight is 40 Ib 1ft 

Detennine moment at point of maximum applied moment. 

x = 13.75 ft 

Mx = ~x (L _ x) = 0.04 k/ft 2x 13.7~ ft (30.0 ft - 13.75 ft) = 4.47 ft-k 

• Total Maximum Moment 
/ 

123.12 ft-k + 4.47 ft-k = 127.6 ft-k 

Consulting the allowable stress design selection table (AISCM, Part 2), find the 
lightest beam with a resisting moment (MR) greater than or equal to 127.6 ft-k 
(Fy = 36 ksi). 

Use W 16 x 40 (MR = 128 ft-k). 

Example 2.9. Detennine the distributed load that can be carried by a W 14 x 
22 beam spanning 11 ft with an unsupported length of 5 ft, 6 in. 

Solution. For a W 14 x 22, 

Lc = 5.3 ft; Lu = 5.6 ft; S = 29.0 in. 3 (from Part 2 of AISCM) 

Because the unsupported L = 5.5 ft is between Lc and Lu, 

Fb = 0.6 Fy = 22.0 ksi (AISCS FI.3) 

M = S X Fb = 29.0 in. 3 x 22 ksi x 2.1 1ft = 53 ft-k 
1 m. 

M = wL2 W = 8M = 8 x 53 ft-k = 3.5 k/ft 
8 ' L2 (l1.0l 
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Subtracting the weight of the beam, 

w = 3.5 k/ft - 0.022 k/ft = 3.48 k/ft 

Example 2.10. Determine the distributed load that can be carried by a W 10 
X 22 beam spanning 16 ft, 6 in. with an unsupported length of 5 ft, 6 in. Fy 
= 50 ksi. 

Solution. For aWl 0 X 22, 

Lc = 5.2 ft; Lu = 6.8 ft; S = 23.2 in. 3 

Because the unsupported L = 5.5 ft is between Lc and Lu, 

Fb = 0.6 Fy = 0.6 X 50 ksi = 30 ksi 

1 
M = S X Fb = 23.2 in. 3 X 30 ksi x / = 58.0 ft-k 

12 in. ft 

w = 8M = 8 X 58.0 ft-k = 1.70 k/ft 
L2 (16.5)2 

Subtracting the weight of the beam, 

w = 1.70 k/ft - 0.02 k/ft = 1.68 k/ft 

Example 2.11. Determine the distributed load that can be carried by a W 16 
x 31 beam spanning 30 ft with an unsupported length of 15 ft, 0 in. 

Solution. For a W 16 X 31, 

Lc = 5.8 ft; Lu = 7.1 ft; S = 47.2 in. 3 

Because the unsupported L = 15 ft is greater than both Lc and Lu, Fb must be 
determined by AISCS Section F1.3. 

Referring to the inequalities of AISC Section F1.3, we need to determine the 
relative magnitude of 1/ rT: 

rT = 1.39 in. 

15ft X 12in./ft 

rT 1.39 in. 
129.5 
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The value of Cb is 

which depends on the magnitude and sign of end moments and can be taken 
conservatively equal to 1 (AISCS FI.3 footnote). 

102 X 103 Cb 102 X 103 

Fy 36 
= 53.2 

510 x 103 Cb 510 X 103 

Fy 36 
119.0 

I 
-> 119.0 
rr 

Fb = 
170 X 103 Cb 

10.14 ksi AISCS (FI-7) 
(l/rr)2 

or 

12 X 103 x 1 
10.21 ksi AISCS (FI-8) 

180 x (15.88/2.43) 

The greater value is to be used. 

Fb = 10.21 ksi 

47.2 in. 3 x 10.21 ksi 
M = S X Fb = . = 40.2 ft-k 

12 m./ft 

8M 8 x 40.2 ft-k 
W = f = (30 ft)2 = 0.36 k/ft 

Subtracting the beam weight to determine the beam capacity, 

w = 0.36 k/ft - 0.031 k/ft = 0.33 k/ft 

Example 2.12. Select the lightest wide-flange section for the beam shown if 
lateral support is provided at the ends only. Include the weight of the beam. 
Use the "Allowable Moments in Beams" charts. 
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35 kip 

l 
J); I ~ 

1--11'-0" ----1- 11 .-0 .. -1 

Solution. The AISCM has provided the Allowable Moments in Beams charts 
starting on p. 2-149 for the economical selection of a beam which includes 
lateral instability. The charts for Fy = 36 ksi and Fv = 50 ksi (gray border) 
assume a conservative value of Cb = 1 (see the definition of Cb and the corre­
sponding footnote on p. 5-47). To select a member for a given moment and 
unbraced length, enter an appropriate chart at the required resisting moment 
(ordinate) and proceed to the right to meet the vertical line corresponding to the 
unbraced length (abscissa). Any beam located above and to the right of the 
intersection is satisfactory, with the beam shown in the solid line immediately 
to the right and above being the lightest satisfactory section. Beams indicated 
by broken lines satisfy the requirements of unbraced length and moment but are 
not the lightest sections available for those conditions. The values correspond­
ing to Lc are indicated in the charts by solid circles (dots), and values corre­
sponding to Lu are indicated by open circles. 

In this case, 

Unsupported length L = 22.0 ft 

Beam weight (assumed) = 801b/ft 

PL WL2 35.0 k x 22.0 ft 0.08 k/ft x (22.0 ft)2 
M = - + - = + ---'----'---
484 8 

= 197.3 ft-k 

A study of the chart on p. 2-168 reveals that a W 21 x 83 could be a solution; 
however, the line for this beam is broken in this area. Further inspection of the 
chart on p. 2-166 indicates that the lightest beam is a W 14 x 74, which for 
an unsupported length of 22 ft can carry a moment of 205.2 ft-k. 

The bending stress is 

fi 197.3 ft-k x 12 in./ft 2 k . 
b = . 3 = 1.1 Sl 

112 m. 

Example 2.13. Select the lightest wide-flange section for the beam shown if 
lateral support is provided only at the point loads and beam ends. Use the "Al­
lowable Moments in Beams" charts for Fy = 50 ksi. 
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Maximum unsupported length L = 14.0 ft 

Beam weight (assumed) = 901b/ft 

(38 ft)2 
Mmax = 1.59 k/ft x -8- + (12 k x 12 ft) = 431 ft-k 

From the "Allowable Moments in Beams" chart, W 27 x 84 is satisfactory 
(p.2-198). 

Use W 27 x 84. 

Bending stress 

£ 431 ft-k x 12 in./ft 2' 
Jb = 3 = 24. 8 kSl 

213 in. 

Example 2.14. A W 27 x 84 carries a uniformly distributed load W over its 
entire span length of 24 ft. Calculate Fb and Wall (including the weight of the 
beam) if the maximum unbraced length Lb is a) 24 ft, b) 16 ft, c) 12 ft, d) 8 ft. 

Solution. ForW 27 x 84, S = 213 in. 3, Lc = 10.5 ft, Lu = 11.0 ft. Inspection 
of the Allowable Moments in Beams charts yields the following results: 

Mall 8 X Mall 

Lb Mall 
Fb =--s Wall = -L-2 -

Case (ft) (ft-k) (ksi) (kip/ft) 

a 24 225.0 
225.0 x 12 

213 
= 12.68 

8 x 225.0 
(24)2 

= 3.13 

b 16 337.0 
337.0 x 12 

= 18.99 
8 x 337.0 

(24)2 
= 4.68 

213 

12 376.0 
376.0 x 12 

= 2J.J8 
8 x 376.0 

C 
(24)2 

= 5.22 
213 

d 8 426.0 
426.0 x 12 

213 
= 24.00 

8 x 426.0 
(24)2 = 5.92 

Example 2.15. Calculate F" and Wall for the beam in Example 2.14 if A572 Gr 
50 steel is used. 
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Solution. Fy = 50 ksi, S = 213 in. 3 , Lc = 8.0 ft, Lu = 9.4 ft. Again, use the 
Allowable Moments in Beams charts (gray border in this case). 

F _ Mall 8 X Mall 

Lb Mall 
b - S Wall = -L-2-

Case (ft) (ft-k) (ksi) (ksi) 

225.0" 
225.0 x 12 = 12.68 

8 x 225.0 = 3.13 a 24 
213 (24)2 

b 16 420.0 
420.0 X 12 

213 
= 23.66 

8 x 420.0 

(24)2 
= 5.83 

493.0 x 12 
c 12 493.0 

213 

8 x 493.0 = 27.77 
(24)2 

= 6.85 

d 8 586.0 
586.0 x 12 

213 
= 33.01 

8 x 586.0 

(24)2 
= 8.14 

"From extrapolation. This moment and allowable stress can be verified with the aid of the governing eqn. 
(FI-7). 

Comparing the results from Example 2.14 with those obtained from Example 
2.15, it can readily be seen that for long unsupported lengths, the values of Fb 
are identical regardless of the value of F'.v. This is due to the fact that Fb depends 
mostly on the modulus of elasticity E in these situations (Le., failure of the 
beam is caused by buckling of the compression flange). It can also be seen that 
for unsupported lengths of Lc or less, the allowable stress Fb depends on the 
yield stress Fy of the beam. 

Case a 

Case d 

Fb = 12.68 ksi (A36) = 12.68 ksi (A572, Gr 50) 

Fb = 24.00 ksi (A36) vs. 33.01 ksi (A572, Gr 50) 

Allowable Stress: Weak Axis Bending of I-Shaped Members, Solid 
Bars, and Rectangular Plates (AISeS F2) 

For compact doubly symmetric 1- and H-shape members, solid round and square 
bars, and solid rectangular sections, the allowable bending stress is given in 
eqn. (F2-1): 

Fb = 0.75Fv (2.9) 

For noncompact members where the width-thickness ratio as defined in AISCS 
B5 is equal to 95/ JF;" and for members which are not covered in AISCS F3, 
the allowable stress is given in eqn. (F2-2): 

(2.10) 
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When the width-thickness ratio of the member falls between 65 I.fii; and 
95 I.fii;, Fb is given by the transition formula (F2-3): 

(2.11) 

Note that lateral support for the member types noted above is not required. As 
before, a discussion of slender members is beyond the scope of this text. 

Example 2.16. Determine the lightest channel which can support a uniformly 
distributed load of 0.3 kip 1ft (includes beam weight) on a span of 12 ft. The 
channel is bent about the weak axis. Use A572 Gr 50 steel. 

Solution. 

. 0.3 kip/ft x (12 ft)2 
Maximum moment = = 5.4 ft-k 

8 

Fb = 0.6 x 50 ksi = 30 ksi (eqn. 2.10) 

S _ 5.4 ft-k X 12 in·/ft _ . 3 
Y - 30 ksi - 2.16 lll. 

The following channels are acceptable: 

C 15 X 33.9, Sy = 3.11 in.3 

MC 10 X 22, Sy = 2.8 in. 3 

MC 8 X 21.4, Sy = 2.74 in.3 

MC 6 X 18, Sy = 2.48 in.3 (lightest) 

Example 2.17. Determine the moment capacity of the following members bent 
about their weak axes (A588 Gr 50 steel): a) W 10 X 88, b) W 14 X 90. 

Solution. 

a) 

.. bf 10.265 in. 
Width-thickness ratio = -- = = 5.18 (AISCS B5.1) 

2 X tf 2 X 0.99 in. 

65 
r;;:: = 9.19> 5.18. 

,,50 
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Therefore, Fb = 0.75 X 50 ksi = 37.5 ksi. 

Sy = 34.8 in. 3 

34.8 in.3 X 37.5 ksi 
Moment capacity = . 1ft 

12 In. 
109 ft-k 

b) 

bj 14.520 in. 
Width-thickness ratio = -- = 10.2 

2 X {j 2 X 0.71 in. 

65 
.J5O = 9.19 

95 
.J5O - 13.44 

Using transition formula (F2-3): 

Fb = 50 ksi X (1.075 - 0.005 x 1O.2.J50) = 35.7 ksi 

Sy = 49.9 in.3 

. 49.9 in.3 X 35.7 ksi 
Moment capacity = 12 in./ft 148.5 ft-k 

Allowable Stress: Bending of Box Members, Rectangular Tubes, and 
Circular (AISCS F3) 

For compact members bent about their strong or weak axes, the allowable bend­
ing stress is given in (F3-1): 

(2.12) 

By definition, a compact box-shaped member is one which satisfies the require­
ments in Table B5.1; also, it must have a depth not greater than six times its 
width and a flange thickness not greater than two times its web thickness. The 
lateral support requirements are given in (F3-2): 

L = 1 950 + 1 200 - -( MI) b 
c , 'M2 Fv (2.13) 

If the section is noncompact, Fb = 0.6Fy , as given in (F3-3). 
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2.3 CONTINUOUS BEAMS 

The AISC allows beams that span continuously over an interior support or are 
rigidly framed to columns to assume a slight moment redistribution. AISCS 
FI.I states that, except for hybrid girders and members with Fy > 65 ksi, 
continuous or rigidly framed compact beams and girders may be designed for 
to of the negative moments due to gravity loading if the positive moments are 
increased by to of the average negative moments (see Fig. 2.5). These provi-

Maximum 
Moment 

Maximum 
Moment 

II II I I I ~I I I I I II I 

Calculated Value Redistributed Value 

12 

wL2 

24 

120 13.33 

WL2 wL2 wL2 
-+-=-

24 120 20 

jOt IIIII : 1111111£1 11111 I} 11III3[ 

Calculated Value 

128 14.22 

Redistributed Value 

9 wL2 wL2 

liD = 8.89 

9 wL2 wL2 wL2 
--+-=--

128 160 13.06 

Fig. 2.5. Moment redistribution of rigid and continuous beams. 
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sions do not apply for cantilevers. If the negative moment is resisted by a rigid 
column-beam connection, the rb reduction may be used in proportioning the 
column for the combined axial and bending loads, provided that the stress fa 
does not exceed 0.15 Fa. Note that moment redistribution usually provides a 
savings in material quantities. 

Example 2.1S. A beam spanning two 30-ft bays supports a load of 1.7 k/ft. 
Assuming full lateral support, design the beam 

a) for calculated positive and negative moments 
b) using the moment redistribution allowed by AISCS. 

1.7 k/ft 

1 IIIIIllllI I;; II ; I II III II:! 
1..,. ---30'-0" ., 30'-0" -----l°l 

~ ::::d"~~ :..;;;;" 
- --- "Rtdistributed -----

moment dilgrlm 

Solution. 

M+ = 1~8 WL2 at 11 ft-3 in. from outside supports 

M - = k wL 2 at interior support. 

M+ = 1~8 (1.7 k/ft) x (30.0 ft)2 = 107.6 ft-k 

M- = k (1.7 k/ft) x (30.0 ft)2 = 191.25 ft-k 
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a) Mmax = 191.25 ft-k 

191.25 ft-k x 12 in./ft = 956' 3 
S = Mmax/ Fb = 24.0 ksi . m. 

From the allowable stress design selection table 

Use W 18 x 55 Sx = 98.3 in. 3 

b) For AISC redistribution, the negative moment becomes 10 that produced 
by gravity, and the positive moment increases rh of the average negative 
moments 

9 
M- = - x 191.25 ft-k = 172.1 ft-k 

10 

( I 191.25 ft-k) 
M+ = 107.6 ft-k + 10 x 2 117.2 ft-k 

172.lft-kxI2in./ft . 3 
S = Mmax/Fb = 2 . = 86.1 m. 

4.0 kSI 

From the allowable stress design selection table 

Use W 18 x 50 Sx = 88.9 in. 3 

Example 2.19. Design a continuous beam for the condition shown. 

"'DL • 1.6 kip/ft. 
"'u • 3.0 kip/ft. 

l' """:2 1111 ":11"'1111 
~27'-0" "" 27'-0" ·1 27'-0"--1 

Solution. The analysis can be done easily with the aid of AISC beam diagrams 
and formulas. Design the beam to carry the dead load uniformly plus the max­
imum moment that can occur according to variable live load conditions (AISCM 
Part 2). Referring to AISCM p. 2-308, the following moments can be obtained: 
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t 1111,11 JI t" 11,1111 t" I 1,11 "l Load case #36 

ABC 0 

w w 

l~1~1=1=1,=I=II~I~I==~2===*t='I~I=~~l=I=ll~l Load case #35 

ABC 0 

filii, 1111 t I II !,IIII t 
ABC 

For dead load, use load case #36: 

3 
t Load case #34 

o 

M( = M3 = 0.08(1.5 k/ft x (27.0 ft)2) = 87.5 ft-k 

M8 = Me = -0.1(1.5 k/ft x (27.0 ft)2) = -109.4 ft-k 

It can be seen that the maximum midspan moment occurs in the outer bays and 
that the maximum interior support moment occurs with one bay unloaded. 
For midspan live load moment, use load case #35 (outer bays): 

M( = 0.1013(3.0 k/ft x (27.0 ft)2) = 221.5 ft-k 

For support moment, use load case #34 (at support B): 

M8 = -0.1167(3.0 k/ft x (27.0 ft)2) = -255.2 ft-k 

The beam is symmetrical, and moments would be the same for the opposite 
side. 

Adding dead load moment and live load moments 

M( = 87.5 ft-k + 221.5 ft-k = 309.0 ft-k 

M8 = (-109.4 ft-k) + (-255.2 ft-k) = -364.6 ft-k 

Note that the moments M( for the dead load and M( for the live load do not 
occur at the same location on the beam; however, we are justified in directly 
superimposing these two moments, since this result is very close to (actually, 
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slightly greater than) the exact value of the total moment at this point. The 
following calculation for the exact moment at point 1 (i.e., 0.45 x 27 ft = 
12.15 ft to the right of support A) illustrates the above remarks. 

Dead load (load case #36): M8 = -109.4 ft-k (see above) 

Live load (load case #35): M8 = -0.050 wl2 = -0.05 x 3 x (27)2 

= -109.35 ft-k 

Total M8 = -109.4 - 109.35 = -218.75 ft-k 

27 218.75 
RA = (3.0 + 1.5) x"2 - -n = 60.75 - 8.10 = 52.65 k 

Total moment at point I: 

(52.65)2 308 fi k h' h' I h M) = = t- , W IC IS ess t an 
2 x (3.0 + 1.5) the total moment of 309 ft-k 

U sing moment redistribution 

obtained from direct superposition 
(less than a 0.5% difference) 

M8 = 0.9 x -364.6 ft-k = -328.1 ft-k 

39.46 ft-k 
M) = 309.0 ft-k + 2 = 327.2 ft-k (nearly equal moments) 

S = IF = 328.1 ft-k x 12 in. 1ft = 164 05 'n 3 
M b 24.0 ksi . 1. 

Use W 24 x 76 Sx = 176.0 in. 3 

If moment redistribution was not considered, maximum moment M8 
- 364.6 ft-k and 

364.6 ft-k x 12 in. 1ft 
S = = 182.3 in. 3 

24.0 ksi 

Use W 24 x 84 (Sx = 196.0 in. 3). 
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2.4 BIAXIAL BENDING 

All cross sections have two principal axes passing through the centroid for 
which, about one axis, the moment of inertia is maximum and, about the other 
axis, the moment of inertia is minimum. If loads passing through the shear 
center are perpendicular to one axis, simple bending occurs about that axis. 
Members loaded such that bending occurs simultaneously about both principal 
axes are subject to biaxial bending. The total bending stress at any point in the 
cross section of such a member is 

(2.14) 

where the subscripts refer to the principal axes, m is the distance to the point 
measured perpendicular to axis 1, and n is the distance to the point measured 
perpendicular to axis 2. The moment of inertia II and 12 about the principal axes 
can be determined by 

II 
Ix + I" 

=--' + 
2 

Ct; ~,y + l;y 

Ix + Iy 
(Ix ~ Ivy + I;y 12 = ---

2 

where I( and Iy are the moments of inertia through the centroid about the x and 
y axes, respectively, and Ix.\' is the product of inertia of the cross section. The 
product of inertia of a section is the geometrical characteristic of the section 
defined by the integral Ixy = fAXY dA. If orthogonal axes x and y, or one of 
them, are axes of symmetry, the product of inertia with respect to such axes is 
equal to zero. In such cases, the principal axes coincide with the x and y cen­
troidal axes of the member. 

In the case of loads applied perpendicular to symmetrical sections, the stresses 
and deflections may be calculated separately for bending about each axis and 
superimposed. Loads applied that are not perpendicular to either principal axis 
can be broken down into components that are perpendicular to the principal 
axes. The extreme bending stress due to biaxial bending is then 

My M"x fb = _x_ + -'-
Ix ~" 

(2.15) 

and the resultant deflection is 

(2.16) 
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Shapes that do not have an axis of symmetry have the principal axes inclined 
to the x and y centroidal axes. For these nonsymmetrical shapes, the total stress 
at any point in the cross section can be determined by 

where Mx and My are bending moments caused by loads perpendicular to the x 
and y axes, and Ix}' is the product of inertia of the cross section, referred to the 
x and y axes. 

In most cases, steel flexural members have different allowable bending stresses 
with respect to their major and minor axes. The use of the interaction equation 
below is then required to limit the stress levels in each plane (see AISCS H I or 
H2 withfu = 0): 

(2.17) 

The allowable stresses given in Sect. 2.2 above are applicable (AISCS Fl, F2, 
F3). 

Example 2.20. The wide-flange beam shown is loaded through the center sub­
jecting the beam to a lSO-ft-k moment. Design the lightest W 14 section by 
breaking down the moment to components of the principal axes and solving for 
biaxial bending. Assume full lateral support. 

Solution. The moment is broken down by the components as shown 

Mx = ISO ft-k (cos 30°) = 130.0 ft-k 

My = ISO ft-k (sin 30°) = 7S.0 ft-k 
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For member under combined stress 

fbx fby - + - :5 1.0 (AISCS HI) 
Fbx F by 

Try W 14 x 109 Sx = 173 in. 3 Sy = 61.2 in. 3 

Fbx = 24.0 ksi 

Fby = 27.0 ksi 

fi = /S = 130.0 ft-k x 12 in./ft = 902 k . 
bx Mx x . 3 . Sl 

173 In. 

75.0 ft-k x 12 in. / ft . 
fby = My/Sy = . 3 = 14.71 kSI 

61.2 In. 

9.02 ksi 14.71 ksi 
--- + = 0.376 + 0.545 = 0.921 :5 1.0 ok 
24.0 ksi 27.0 ksi 

If the next lightest section, W 14 x 99, were checked, the interaction equation 
would yield 1.018 > 1.0 (N.G.). 

Therefore, W 14 x 109 is the lightest W 14 section. 

Example 2.21. Design a C15 channel spanning 20 ft with full lateral support 
as a purlin subject to biaxial bending. Assume the live load of 100 lb/ft, dead 
load of 40 lb / ft, and wind load of 80 lb / ft to act through the shear center, thus 
eliminating torsion in the beam. 

y \ 
DL + LL 

~ 
Wind 

Solution. The total wind load is carried in the x axis of the channel, because 
the wind acts perpendicular to the roof surface. The live load and dead load 
will be broken down into x and y components. 
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Gravity loads w = 40 Ib/ft (DL) + 100 Ib/ft (LL) 

= 1401b/ft 

. 2 
W{ = 80 lb/ft (wind) + J5 140 lb/ft = 2051b/ft 

Wy = Js 140 lb/ft = 631b/ft 

2/ 0.205 k/ft X (20.0 ft)2 
Mx = wxL 8 = 8 = 10.25 ft-k 

2/8 0.063 k/ft X (20.0 ft)2 
M = W L = = 3 15 ft-k y y 8 . 

For members subject to combined stresses, the bending stresses must be pro­
portioned such that 

Fbx = 22.0 ksi (AISCS Fl.3) 

Fby = 22.0 ksi (AISCS F2.2) 

Try C 15 X 33.9 Sx = 42.0 in. 3 Sy = 3.11 in. 3 

fi = M /S = 10.25 ft-k X 12 in. /ft = 2 9 k i 
bx x x 42 O· 3 • S 

. In. 

3.15 ft-k X 12 in. /ft . 
fby = My/Sy = . 3 = 12.2 kSl 

3.11 In. 

2.9 ksi 12.2 ksi 
22.0 ksi + 22.0 ksi = 0.69 < 1.0 ok 

Use C 15 X 33.9 channel. 

(Note: Increase in allowable stress due to wind not considered.) 

2.5 SHEAR 

For a beam subjected to a positive bending moment, the lower fibers of the 
member are elongated and the upper fibers are shortened, while, at the neutral 
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M( 
A' B' 

)M €c 

:E 
A B NA\-T 

~ 
.L 

C' I Defl. D' 

C D €, 

Fig. 2.6. Defonnation of a beam in bending. Due to a moment, a section of beam in original 
position ABCD will deflect a distance ~. In doing so, compressive strains will develop on the loaded 
side of the neutral axis, and tensile strains on the opposite side. Under elastic defonnation, the 
strains are linear, with no strain occurring at the neutral axis. The original section ABCD assumes 
a new position A'B'C'D'. 

axis, the length of the fibers remain unchanged (see Fig. 2.6). Due to these 
varying deformations, individual fibers have a tendency to slip on the adjacent 
ones. If a beam is built by merely stacking several boards on top of each other 
and then transversely loaded, it will take the configuration shown in Fig. 2.7(a). 
If the boards are connected, as in Fig. 2.7(b), the tendency to slip will be 
resisted by the shearing strength of the connectors. For single-element beams, 
the tendency to slip is resisted by the shearing strength of the material. 

From mechanics of materials, the longitudinal shearing stress in a beam is 
given by the formula 

Iv 
VQ 

It 
(2.18) 

where V is the vertical shear force, Q is the moment of the areas on one side 
of the sliding interface taken about the centroid of the cross section, I is the 
moment of inertia of the section, and t is the width of the section where the 
shearing stress is investigated. For rectangular beams, the maximum shearing 
stress is given by Iv = 3V /2A, where A is the area of the cross section. For 
rolled and fabricated shapes, the AISC allows the longitudinal shearing stress 

~l~~_I~ 
(a) (b) 

Fig. 2.7. Built-up beam in flexure: (a) transversely unconnected, (b) transversely connected. 



MEMBERS UNDER FLEXURE: 1 69 

to be detennined by the fonnula 

v !. =-
v Aweb 

(2.19) 

where Aweb is the product of the overall depth of the section d and the thickness 
of the web tw (AISCS F4). However, this value is 10 to 15% less than the 
maximum shearing stress, as detennined by the more accurate eqn. (2.18). The 
allowable shearing stress, as detennined by the AISC on the gross section of a 
member, is given by Fv = 0.40 Fy (AISCS (F4-1», provided that h/tw :5 

380/ Jii;. Except for short spans with heavy loading, or heavy concentrated 
loads close to supports, shear seldom governs in the design of beams. 

Example 2.22. Detennine the maximum shearing stress for the following sec­
tions when the external shear force V = 75 kips. 

Solution. 

a) 

b) 

1 
1 

~4"~ 
(a) 

3V 
fvrnax = 2A 

(b) 

A = 4 in. X 12 in. = 48 in. 2 

(e) 

3V 3 X 75 k . 
fvrnax = -2 = 2 48' 2 = 2.34 kSI A X 10. 

VQ 
fvrnax = It 
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By inspection, it is seen that the neutral axis is located at the center, 6 in. from 
the bottom. 

p X (3)3 2j I X (6)3 _ 900' 4 
= 2 x l 12 + (3 x 7)(6 - 1.5) + 12 - m. 

Because f.'max is at the neutral axis, 

Q = (3 x 7)(6 - 1.5) x (3 x 1)(1.5) = 99.0 in.3 

t = I in. 

VQ 75 k x 99 in. 3 . 

f.'max = - = 900' 4 . = 8.25 kSI It m. x I m. 

V 
Verify with Iv = - (AISCS F4) 

Aweb 

75 k 
f' - = 6.25 ksi 

Jr' - 12 in. x I in. 

As the web and the flanges are very thick, there is approximately one-third 
difference in shear values. 

c) 
v 

f. =-
v Aweb 

Aweb = d x t = 12.53 in. x 0.515 in. = 6.45 in. 2 

V 75 k 
Iv = - = 645' 2 = 11.62 ksi 

Aweb . m. 

Verify withlv = VQ 
It 

( 12.53 in. _ 0.81
2
0 in.) 

Q = 0.81 in. x 12.125 in. x 2 

( 10.9
2
1 in.)2 x 21 + 0.515 in. x 

= 65.21 in. 3 
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1= 740 in.4 

J. -_ 75 k x 65.21 in. 3 
--~---- = 12.83 ksi 

v 740 in.4 x 0.515 in. 

A difference of about 10% occurs between an exact approach and an estimated 
value. The code is aware of this error which seldom is greater than 15% and 
compensates for it in Fv = 0.40 Fy • 

Example 2.23. Detennine if the beam shown is satisfactory. Assume full lat­
eral support. Check both flexural and shearing stresses. Neglect the beam 
weight. 

Solution. 

106 kip 

W 16 X 40 ! 
J;; I~ 

t-I' ---4'-6"--/-1'-6"--1 

R, - 26' "'I 1 1 1 1 II [[ [[ 1 1 1 I 
1111179.5 kip = RR 

119.25 ft.·kip 

d = 16.01 in.; tw = 0.305 in.; S = 64.7 in. 3 

R = 106 k X 4.5 ft = 79.5 k 
R 6.0 ft 

RL = 106 k - 79.5 k = 26.5 k 

Mrnax (from diagram) = 119.25 ft-k 

The moment resisted by the section is 

MR = S X Fb = 64.7 in.3 x 24 ksi x ~ 
12 in. 

= 129.4 ft-k > 119.25 ft-k ok 
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Vrnax = 79.5 k 

V 79.5 k 
/" = - = = 16.28 ksi 

Aweb 16.01 m. x 0.305 in. 

Ft , = 0.40 F" = 0.4 x 36 ksi = 14.4 ksi 

16.28 > 14.4 ksi N.G. 

W 16 x 40 is not satisfactory for resisting shear. 

2.6 HOLES IN BEAMS 

Whenever possible, holes in beams should be avoided. If drilling or cutting 
holes in a beam is absolutely necessary, it is good practice to avoid holes in the 
web at the locations of large shear and in the flange where the moment is large 
(see Fig. 2.8). 

As a result of numerous tests, and by comparing the yield and the tensile 
fracture capacities of the tensile members with holes, no hole deduction needs 
to be considered until Ani Ag equals 1.2(Fyl Fu)' This corresponds to a hole 
allowance of 25.5 % for A36 steel, 7.7 % for A572 Gr 50 steel, and 14.3 % for 
A588 Gr 50 steel. As stated in AISCS BIO, no deduction in the total area of 
either flange is necessary if (B 10-1) is satisfied: 

Net tensile 
area, At 

(a) (b) 

(2.20) 

If Av ;;. 0.85 Ag, Av = Ag 

If Av < 0.85 Ag, Av = Ag 

(0.85Ag -Av ) 

Fig. 2.8. Holes in beams. (a) Holes in beam webs should be avoided at locations of large shear. 
When holes are necessary. as in the end connection shown. the section must be checked for web 
tear-out. (b) Flange holes should be avoided at regions of large moments. 
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where Aig is the gross area of the flange and Afo is the net area of the flange 
calculated according to the provisions in AISCS B2 (see Chap. 1). If (2.20) is 
not satisfied (see (B1O-2», then the member flexural propeties shall be based 
on an effective tension flange area Ale as given in (B1O-3): 

5 Fu 
A - --A 

'fe -6F'In 
y 

(2.21) 

Example 2.24. Calculate the design section modulus for a W 14 x 145: 

a) for two l-in.-diameter holes in each flange (A36 steel). 
b) for two 2-in.-diameter holes in each flange (A572 Gr 50 Steel). 

I 
~, , 

~15.5"~ 
Solution. 

Sx = 232 in. 3; hi = 15.5 in.; tl = 1.090 in.; Ix = 1710 in.4 

Aig = hi X tl = 15.5 in. x 1.090 in. = 16.90 in.2 

a) Detennine flange area loss due to two l-in.-diameter holes: 

Afo = 16.90 in. 2 - 2 x (1.090 in. x 1 in.) = 14.72 in. 2 

Check (2.20): 

0.5 x 58 ksi x 14.72 in. 2 = 427 k > 0.6 x 36 ksi x 16.9 in. 2 = 365 k 

Therefore, no hole reduction is required. 

S = Sx = 232 in. 3 
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b) Detennine flange area loss due to two 2-in.-diameter holes: 

Afo = 16.90 in. 2 - 2 x (1.090 in. X 2 in.) = 12.54 in.2 

Check (2-20): 

0.5 x 65 ksi x 12.54 in. 2 = 408 k < 0.6 x 50 ksi x 16.9 in. 2 = 507 k 

Hence, detennine the effective tension flange area (2.21): 

565 ksi . 2 . 2 
Ale = - -- (12.54 m. ) = 13.59 m. 

650 ksi 

This is equivalent to a tension flange which is 1.090 in. thick and 13.59 
in. 2 /1.090 in. = 12.47 in. wide. 

Detennine effective section properties: 

(1.09)(12.47)(1.09/2) + [(0.68)(12.6)«12.6/2) 
+ 1.09)] + (1.09)(15.5)(14.24) 

Y = -----~-~---..:~--.:.~--'----
(1.09)(12.47) + (0.68)(12.6) + (1.09)(15.5) 

311.23 in. 3 . f h b f h . = 2 = 7.97 m. (measured rom t e ottom 0 t e tension 
39.06 in. flange to the centroid of the section) 

1 
Ix = 12 (12.47 x 1.093) + (1.09 x 12.47)(7.97 - 1.09/2)2 

I 
+ 12 (0.68 X 12.63) + (0.68 x 12.6)(7.97 - 7.39)2 

I 
+ 12 (15.5 x 1.093) + (15.5 x 1.09)(14.78 - 7.97 - 1.09/2)2 

= 750.7 + 116.2 + 664.8 = 1531.7 in.4 

1531.7 in.4 3 
Stop = = 224.9 in. 

14.78 in. - 7.97 in. 

1531.7 in.4 . 3 
Sbotlom = = 192.2 m. (governs) 

7.97 in. 

To eliminate the above lengthy calculations, the authors suggest deducting 
the same amount of area in the compression flange that is required in the tension 
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one. This results in conservative and very close values for the section proper­
ties. For example, in this case, 

Ix = 1710 - 2 x (16.9 - 13.59) x (14.78/2 - 1.09/2)2 

= 1399.8 in.4 

1399.8 3 
S = 14 8/2 = 189.4 in. , which is very close to the actual value of 192.2 

( .7 ) in.3 determined above (less than 1.5 % difference) 

Beam end connections using high-strength bolts in relatively thin webs may 
create a condition of web tear-out. Failure can occur by the combination of 
shear through the line of bolts and tension across the bolt block. This condition 
should be considered when designing the bolt connection and should be inves­
tigated in situations when the flange is coped or when shear resistance it at a 
minimum. For further discussion see Chapter 5, Bolts and Rivets (also, see Fig. 
2.8a). 

2.7 BEAMS WITH CONCENTRATED LOADS 

For beams which are subjected to concentmted loads, AISCS K1.3 and Kl.4 
have established provisions governing the magnitude of the concentrated load 
R so as to prevent failure of the beam web by local yielding or crippling. The 
thickness of the beam web tw , the length of bearing N, and the distance from 
the outer face of the beam flange to the web toe of fillet k all play an important 
role in these provisions. In a particular situation, either web yielding or web 
cripplings may govern . 

• For the case of web yielding (AISCS Kl.3): 

a) If R is applied at a distance equal to or larger than the depth of the beam 
d from the end of the member, then (KI-2) governs and can be rewritten 
as follows: 

(2.22a) 

or 
(2.22'1) 

b) If R is near the end of the member, then (KI-3) governs: 

R ::5 O.66Fytw(N + 2.5k) (2.23a) 
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:-J:::-r :-2'5~k--I~-~N_~ 
t 

_ 2.5k ___ _ 2.5k_ 

(a) (b) 

Fig. 2.9. Local web yielding. The applied load or end reaction is transferred to the web from the 
flange at the web-flange intersection over a length extending a distance 2.5k on either side: (a) 
interior concentrated load. (b) end reaction. 

or 

R ~ R) + NR2 

where R) = O.66(2.5)twkFy 
R2 = O.66twFy 

These provisions can be seen schematically in Fig. 2.9. 

• For the case of web crippling (AISCS KI.4): 

(2.23b) 

a) If R is applied at a distance greater than d /2 from the end of the member, 
than (KI-4) governs: 

(2.24a) 

or 

(2.24b) 

b) If R is near the end of the member, (KI-5) governs: 

(2.25a) 

or 

(2.25b) 
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Table 2.1 Constants for Beams with Concentrated Loads (Adapted from the 
AISCM) 

Definition of symbols F. = 36 ksi 

V = Max. web shear. kips 14.4 dt 
R = Max. end reaction for R, + NR2 

3!-in. bearing. kips or 
R3 + NR4 

R, = Constant for yielding. kips 59.4kl •. 
R2 = Constant for yielding. kips/in. 23.81 •. 
R3 = Constant for crippling. kips 2041~5IJ·5 

14 = Constant for crippling. kips / in. 6121!/lf d 

where 

Fyw = specified minimum yield stress of beam web. ksi 

d = overall depth of the member, in. 

tf = flange thickness, in. 

tw = web thickness, in. 

R = 34(F t )0.5 t l .5 
3 yw f w 

Fy = 50 ksi 

20 dt 
R, + NR2 

or 
R3 + NR4 
82.5kl •. 
33.01w 

204r~5IJ.s 

7211!./lf d 

If the governing equations above are not satisfied, bearing stiffeners extending 
at least one-half the web depth shall be provided. 

On page 2-36 of the AISCM, the constants RI through R4 have been tabulated 
for steels with Fy = 36 ksi and Fy = 50 ksi. These quantities are given in Table 
2.1. The specific values ofthese constants can be obtained for a particular beam 
size in the Allowable Uniform Loads on Beams tables, which begin on p. 2-37. 
Note that the values of R given in the tables are for an end bearing length N = 
3.5 in. 

Example 2.25. Select the lighest section for the beam shown and determine 
the bearing length required for each support, in order not to use bearing stiffe­
ners. Assume full lateral support and 50 ksi steel. 

4.8 kip/ft. 

,12 { { II I I II , I I I ']1 
AI, 27'-0" Is 
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Solution. 

W = 4.8 k/ft x 27 ft = 130 k 

M = WL/8 = 437.4 ft-k 

Referring to the AISC beam selection table, use W 24 x 76 (MR = 484 ft-k), 
tw = 0.44 in., tf = 0.68 in., d = 23.92 in., and k = 1.4375 in. 

W 130.0 k 
RA = RB = "2 = 2 = 65.0 k 

Bearing length for web yielding, N = R - R( 
R2 

Bearing length for web crippling, N = R - R3 
R4 

Use Table 2.1 to determine the constants: 

R( = 82.5 x 1.4375 x 0.44 = 52.2 k 

R2 = 33.0 x 0.44 = 14.5 k/in. 

R3 = 240 X (0.44)1.5 x (0.68)°·5 = 57.8 k 

R4 = 721 X (0.44)3/(0.68 x 23.92) = 3.78 k/in. 

(2.23b) 

(2.25b) 

Note that these values can be obtained from the bottom of p. 2-107 in the 
Allowable Loads on Beams table. 

For web yielding: N = (65 k - 52.2 k)/14.5 k/in = 0.88 in. 

For web crippling: N = (65 k - 57.8 k)/3.78 k/in = 1.90 in. (governs) 

From a practical point of view, the actual bearing length would be longer. 

Example 2.26. A column is supported by a transfer girder as shown. 

a) Determine the lightest girder (neglect girder weight). 
b) Determine safety against shear. 
c) Determine lengths of bearing under the column and at the supports. 
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500 kip 

I~I 
j)); I ~ 

~I· --6'---1---4'----1 
ABC 

Solution, 

a) 
SOO k X 4 ft 

RA = 10 ft = 200.0 k 

Rc = SOO k - 200 k = 300 k 

Mmax = 200 k X 6 ft = 1200 ft-k 

Use W 36 X 182 at the lightest available section (MR = 1230 ft-k) 

b) I" = ~ = 300 k 
11, 36 33 . 0 72 . = 11. 39 ksi 

Aweb . m. X . S m. 

F" = 0.40 Fy = 14.4 ksi > 11.39 ksi ok 

W 36 X 182 is safe against shear. 

c) For W 36 X 182: R, = 91.S k, R2 = 17.2 k/in. 
(p. 2-43 AISCM) 

R3 = 137 k, R4 = S.44 k/in. 

At point A: N = larger of 

At point C: N = larger of 

(200 k - 91.S k)/17.2 k/in. 

= 6.3 in. (2.23b) 

(200 k - 137 k)/S.44 k/in. 

= 11.6 in. (2.2Sb) (governs) 

(300 k - 91.S k)/17.2 k/in. 

= 12.1 in. (2.23b) 

(300 k - 137 k)/S.44 k/in. 

= 30 in. (2.2Sb) (governs) 
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For the interior load at point B, the larger N obtained from eqn. (2.22b) (web 
yielding) or eqn. (2.24b) (web crippling) will govern: 

R - 2RI 500 k - (2 x 91.5 k) 
N = I 18.4 in. (2.22b) 

R2 17.2 kin. 

N = (RI2) - R3 = (500 k/2) -. 137 k = 20.8 in. (2.24b) (governs) 
R4 5.44 kim. 

2.8 DESIGN OF BEARING PLATES§ 

When a beam is supported by a concrete or masonry base, the reaction must be 
distributed over an area large enough so that the average bearing pressure on 
the base does not exceed the allowable limit. Thus, beam bearing plates are 
provided, as shown in Fig. 2.10. In AISCS J9, the following allowable bearing 
pressures Fp are given: 

On sandstone and limestone: 

On brick in cement mortar: 

On the full area of a concrete support: 

Anchor as required 

n k k n 

8 

Fp = 0.40 ksi 

Fp = 0.25 ksi 

Fp = 0.351; 

N 

Fig. 2.10. Bearing plate for a beam supported on a concrete or masonry base (adapted from the 
AISCM). 

§See AISCM pp. 2-14Iff. 
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On less than the full area of a concrete support: 

where f~ = specified compressive strength of concrete, ksi 
Al = area of steel concentrically bearing on a concrete support, in.2 
A2 = maximum area of the portion of the supporting surface that is ge­

ometrically similar to and concentric with the loaded area, in. 2 

The rules governing the length of bearing N are the same as those given in 
Sect. 2.7: 

R - RI 
For web yielding: N = 

R-R 
For web crippling: N = 3 

R4 

(2.23b) 

(2.25b) 

Given the allowable bearing pressure, and selecting a value of N greater than 
or equal to the governing one from (2.23b) or (2.25b), the width of the plate B 
can be calculated as follows: 

R 
B=--­

Fp x N 

It is common practice to use integer values for Band N. 

(2.26) 

The thickness of the plate t can be determined from the following formula, 
which is based on cantilever bending of the plate (about its weak axis) under 
uniform pressure: 

(2.27) 

where n = (B/2) - k and.!;, = actual bearing pressure = R/(B x N). Since 
Fb = O.75Fy (see eqn. (2.9)), the above equation can be rewritten as 

(2.28) 



82 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

Example 2.27. Design a bearing plate for a W 30 x 90 with an end reaction 
of 85 kips which is supported by a concrete wall U; = 3000 psi) as shown. 

W30X90 

2 in.--l~t-",-t:dt-", 
/ 

Solution. From the Allowable Uniform Load tables (p. 2-49): 

Use N = 10 in. 

R] = 36.6 k R3 = 51.3 k 

R2 = 11.2 k/in. R4 = 3.53 k/in. 

N = 85 - 36.6 = 4.3 in. 
11.2 

85 - 51.3 . 
N = = 9.5 1D. (governs) 

3.53 

Area of concrete support = A2 = B] X N] 

2 in. 

= (B + 4) x (N + 4) 
(Note that this area is geometrically similar to 
and concentric with the loaded area) 

Try Fp = 0.6/; = 0.6 x 3 = 1.8 ksi 

R 
A] = B x N = - (2.26) 

Fp 

= B x 10 = ~ = 472 in 2 -+ B = 47.2 = 472 in 1.8 .. 10·· 

(2.23b) 

(2.25b) 

Minimum B should be 10.375 in., which is the flange width of the W 30 x 90. 
Therefore, 
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85 . 
/p = 10 x 10.375 = 0.819 kSl 

Check Fp (AISCS J9): 

~= (10.375 + 4)(10 + 4) 
10.375 x 10 = 1.4 

Fp = 0.35 x 3 x 1.4 = 1.47 ksi > /p = 0.819 ksi ok 

and 1.47 ksi < 0.7 x 3 = 2.1 ksi ok 

( 10.375) n = -2- - 1.3125 = 3.875 in. 

Detennine t from (2.28): 

.JO.819 t = 2 x 3.875 x -- = 1.17 in. 
36 

Use bearing plate I! x 10 x 0 ft, lOi in. 

Example 2.28. AS 24 x 100 is supported by a 19 X 19 in. concrete pilaster. 
The reaction is 200 kips, and the compressive strength of the concrete is 4000 
psi. Design the required bearing plate. The smallest distance from the edge of 
the bearing plate to the edge of the pilaster is 2 in. 

Solution. For a S 24 x 100: 

R3 = 122 k 

R2 = 17.7 k/in. R4 = 12.1 k/in. 

200 - 77.4 
N = = 6.93 in. (governs) 

17.7 

or 

200 - 122 
N = = 6.45 in. 

12.1 

Use N = 7 in. 
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Try Fp = 0.5f; = 2 ksi 

200 
B = -- = 14.29 in. Use B = 15 in. 

7 X 2 

J, = ~ = 1.90 ksi 
p 7 X 15 

A2 = 19 X (7 + 2 + 2) = 209 in. 2 

Al = 7 X 15 = 105 in. 2 

Fp = .J~~: X 0.35 X 4 = 1.98 ksi > 1.90 ksi ok 

and 1.98 ksi < 0.7 X 4 = 2.8 ksi ok 

15 
n = - - 1.75 = 5.75 in. 

2 

f.9 64· t = 2 X 5.75 X ~36 = 2. In. 

Use bearing plate 2~ X 7 X I ft, 3 in. 

The reader can verify that the thickness of the plate can be reduced to 1.75 in. 
if a square bearing plate with side lengths of 12 in. is used. This plate size 
would also decrease the pressure on the pilaster. 

2.9 DEFLECTIONS 

Allowable deflections of beams are usually limited by codes and may need to 
be verified as part of the beam selection. The AISC sets the limit for live load 
deflection of beams supporting plastered ceilings at 1/360 of the span (AISCS 
L3). 

In addition the AISCS Commentary L3.1 suggests the following guideline: 
the depth of the beams for fully stressed beams should not be less than (F,,/800) 
X the span in inches. The deflection of a member is a function of its moment 
of inertia. To facilitate design, Part 2 of the AISCM has tabulated values of Ix 
and Iy for all Wand M shapes, grouped in order of magnitude, where the shapes 
in bold type are the most economical in their respective groups (see pages 
2-26ff). 
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Example 2.29. Show that beams of the same approximate depth have the same 
deflection when stressed to the same stress lb' 

Solution. Assume that beams are loaded with uniformly distributed loads. 

5w l / 4 5 w l / 2 81 2 
~I = --- = -----

384 Ell 384 8 Ell 

II 2 1 12 40 
= Cfb 2d X I X Ell = Cfb 2dE' C = 384 

Similarly, we find that ~2 is equal to the same quantity. Hence, we see that the 
deflection is dependent on the depth and the span for the same Ib and E, and 
not on the load. 

Example 2.30. Determine if the beam in Example 2.25 is adequate to limit 
deflection to 1/360. Choose the next lightest satisfactory section if the maxi­
mum deflection is exceeded. 

Solution. 

4.8 kip/ft. includes beam weight 

tllllllllllllli 
• 27'-0" • 

64.8 kip 

5 wl4 
~ =--

max 384 EI 

64.8 kip 

E = 29,000 ksi 

For W 24 X 76, Ix = 2100 in. 4 

5(4.8/12)k/in. ((27 x 12) inf . 
~ = = 0.942 m. 

max 384 (29,000 ksi)(2100 in.4) 

I 27 X 12 . 
360 360 = 0.90 m. < 0.942 in. N.G. 
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Detennine next lightest satisfactory section 

5 wl 4 
---<-
384 EI - 360 

5 wl4 1 
I >--x--

x - 384 E 1/360 

Ix ;::: 2199 in. 4 

Choosing from the moment of inertia selection table, p. 2-27 AISCM . 

W 24 x 84, Ix = 2370 in. 4 

Am.x = 0.835 in. ok 

Use W 24 x 84. 

Example 2.31. Design the beam B and girder G for the framing plan shown. 
Assume full lateral support, A572 Gr 50 steel, and the maximum depth of mem­
bers to be 22 in. The floor is 5 in. reinforced concrete and carries a live load 
of 150 Ib/ft2 • Assume there is no flooring, ceiling, or partition. Furthennore, 
assume that there is no restriction on deflection, but the value is requested. 

T l ,~ jl T 
I---~-~~~~i--~---I --r 

B I 25' 
I 
I 
I 
I 
I 
I 
I 

I--~_~~~I--------I 

~8·+8·-I-8·-+--8·~ 
Solution. Because the weight of reinforced concrete is 150 lb / ft3, the weight 
of 5 in. of concrete is 
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The tributary width of the beams is 8 ft. 

DLconc = 62.5 Ib/ft2 x 8 ft = 500 lb/lin. ft of beam 

U = 1501b/ft2 x 8 ft = 1200 lb/lin. ft 

Assume weight of beam = 50 Ib /lin. ft 

Total distributed loading on the beams 

w = (500 + 1200 + 50) Ib/lin. ft = 1.75 k/ft 

wL2 1.75 k/ft x (25 ft)2 
Mmax = 8 = 8 = 136.7 ft-k 

Fy = 50 ksi (AISCS, Table I) 

A W 18 x 35 may be selected as the lightest satisfactory section (MR = 158 
ft-k). 

Because the beams frame into the girders, they are exerting their end reactions 
as concentrated loads on the girders. Each girder carries the end reactions of 
three beams on either side for a total of six concentrated loads. 

The end reaction of each beam is the total load on the beam divided by 2. 

1.75 lb/ft x 25 ft 2 8 
R = = 1 75 k 2 . 

Assume weight of girder to be 150 Ib /lin. ft. 

End reactions of the girder 

3 x 2(21.875 k) +2(0.15 k/ft x 32 ft) = 68.0/k 

Moment at midspan 

(68 k x 16 ft) - (43.75 k x 8 ft) 

- (0.15 k/ft x 16 ft x 8 ft) = 718.8 ft-k 

A W 30 x 99 may be selected as the lightest section. However, the depth of 
W 30 x 99 = 29.64 in. > 22.00 in. N.G. 

S = M = 718.8 ft-k x 12 in./ft = 261.4 in.3 
req Fb 0.66 x 50 ksi 
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From p. 2-10, select W 21 x 122 as the shallowest member with S > 261.4 
in. 3 

S = 273 in. 3, d = 21.68 in. ok 

Use W 21 x 122 girder. 
Check deflection: 

BeamB 

Girder G 

5 WL4 
.1 =--

max 384 EJ' 

1= 510 in.4 

w= 

E = 29,000 ksi 

1.75 k/ft . 
12 in./ft = 0.15 kim . 

5 x 0.15 k/in. X (25 ft X 12 in./ft)4 
.1max = 384 X 29,000 ksi X 510 in.4 

1.07 in . 

From cases 1, 7, and 9 of beam diagrams and formulas, AISCM pp. 2-296 if 

5 wl4 PI 3 Pa 
.1max = -- + -- + -- (3/ 2 - 4a 2 ) 

384 EI 48 EI 24 EI 

a = 8 ft X 12 in. /ft = 96 in. 

1= 2960 in.4 

5 X 0.122 X (32 X 12)4 43.75 X (32 X 12)3 
.1 = + ------~----~ 

max 384 X 29000 X 2960 48 X 29000 X 2960 

43.75 X 96 + [3 X (32 X 12)2 - 4 X (96)2] 
24 X 29000 X 2960 

= 0.402 + 0.601 + 0.827 = 1.83 in. 

2.10 ALLOWABLE LOADS ON BEAMS TABLES 

The Allowable Loads on Beams tables starting on page 2-37 of the AISCM 
provide the allowable uniformly distributed loads in kips for W, M, S, and 
channels, which are simply supported with adequate lateral support. Separate 
tables are provided for Fy = 36 ksi and Fy = 50 ksi (gray border). In addition, 
Lc; Lu; the maximum deflection for the allowable uniform load; Sx; the maxi-
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mum shear force V; the concentrated load coefficients R. through R4 ; and the 
maximum end reaction R for a 3!-in. bearing (see Sect. 2.7) are provided. The 
many important features of these tables are clearly explained starting on p. 2-30, 
which eliminates the need to repeat that material here. The examples on pages 
2-34 and 2-35 illustrate the use of these tables. 

PROBLEMS TO BE SOLVED 

2.1. Calculate the bending stress due to a bending moment of 105 ft-k (foot­
kips) about the strong axis on the following wide-flange beams: 

a) W 10 x 49 
b) W 12 x 45 
c) W 14 x 38 

2.2 Calculate the allowable bending moment for each of the beams in problem 
2.1 given a) A36 steel, b) Fy = 50 ksi. Assume full lateral support. 

2.3. Select the most economical W section for a simply supported beam car­
rying a 25-k concentrated load at the center of a 30-ft span. Neglect the weight 
of the beam, and assume full lateral support. 

2.4. Select the most economical W section for a simply supported beam loaded 
with a uniformly distributed load of 3.0 k/ft over a span of 35 ft. Neglect the 
weight of the beam, and assume full lateral support. 

2.5 through 2.7. Select the most economical W section for the beams shown. 
Assume full lateral support, and neglect the weight of the beam. 

20 kip 12 kip 

! 2 kif 51iP 10 TP 21kiP 

j,.....,........{--.--rl I~I II """"'-1 11"""'1L j% r r I /Xk 
1-15'-0"+15'-0"-1 1--9'+9'+6'1-12'-1 

2.5 2.6 2.7 

2.8 through 2.10. Redesign the beams in Problems 2.5-2.7 for Fy = 50 ksi. 

2.11. Assuming that a W 18 x 50 wide-flange beam was mistakenly installed 
in the situation described in Problem 2.3, determine the load that the new beam 
can carry. 

2.12. Determine the distributed load that can be carried by a W 21 x 57 beam 
over a simply supported span of 25 ft with lateral supports every 5 ft. 
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2.13. Detennine the concentrated load that a W 18 x 40 beam can carry if the 
span is 42 ft with the load and a lateral support located at midspan. Assume F, 
= 50 ksi. 

2.14. Compute the maximum shearing stress on the following sections due to 
an external shear force of 60 kips. 

W 10 X 60 

(a) (b) 

2.15. Select the most economical W 12 section that can carry a concentrated 
load of 85 kips at the third point of a 4-ft 6-in. simple span. Check both flexural 
and shear stresses. 

85 kip 

! 
J); I ~ 

!f---3'-0"--+-1'-6"-1 

2.16. Calculate the design section modulus for a W 16 x 89 for (A572 Gr 50): 

a) two 1-in. diameter holes in each flange 
b) two l1-in. diameter holes in each flange. 

2.17 and 2.18. Solve Problem 2.16 for A36 and A588 Gr 50 steels, respec­
tively. 

2.19. Assuming that the 85-k load on the W 12 beam in Problem 2.15 is due 
to a column bearing on the beam, calculate the bearing lengths required under 
the column and for each support, such that stiffeners are not necessary. 

2.20. Calculate the allowable bending stress of a W 12 x 53 with a maximum 
unsupported length of 18 ft using a) F\, = 36 ksi and b) F\, = 50 ksi. 

2.21. Calculate the allowable bending stress of a W 10 x 39 with a maximum 
unsupported length of 22 ft using a) F\, = 36 ksi and b) F,. = 50 ksi. 

2.22. Calculate the allowable bending stress of a W 14 x 43 with a maximum 
unsupported length of 24 ft using a) F\, = 36 ksi and b) F\, = 50 ksi. 
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2.23. Detennine the allowable bending stress for a W 36 x 245 with a maxi­
mum unsupported length of a) 36 ft, b) 27 ft, c) 18 ft, d) 9 ft, and e) 6 ft. Do 
not use any charts. 

2.24. Solve Problem 2.23 using the appropriate charts. 

2.25. Design a bearing plate for a S 20 x 86 carrying a 120-k reaction. Assume 
that one edge of the plate must be at the edge of a concrete pilaster U; = 4000 
psi). 

2.26. For the beam and reaction given in Problem 2.25, design a bearing plate 
resting 2~ in. behind the face of a very large concrete wall U; = 4000 psi). 

2.27. A beam spanning continuously, as shown, supports a live load of 1.50 
k/ft and a dead load of 0.50 k/ft. Assuming full lateral support, design the 
beam for 

a) calculated positive and negative moments 
b) positive and negative moments using redistribution allowed by AISCS 

WLL = 1.5 kip/ft 
wOL = 0.5 kip/ft Ji 111111 IjJIII I III~ 

1---32'-0" -I- 32'-0"----j 

2.28. Design a continuous beam for the condition shown. Assume full lateral 
support. 

WLL = 1.5 kip/ft 

WOL = 0.5 kip/ft Ji IIIlll1jJ1 1111115Sllllllll~ 

/---32'-0 I 32'-0 I 32'-0--j 

2.29. Assuming full lateral support for the loading shown, design a beam first 
for calculated moments with simple spans, then for continuous beam moments, 
and finally for redistributed moments. 

30 kip 30 kip 

+ + 1.2 kip/ft. 
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2.30. The wide-flange beam shown is loaded through the shear center, sub­
jecting the member to a moment of 90 ft-k. Design the lightest W 12 section 
by breaking down the moment into components along the principal axes and 
considering biaxial bending. Assume full lateral support. 

2.31. Design a C 10 channel purlin with full lateral support spanning 16 ft and 
subject to biaxial bending. Assume the live load of 90 lb/ft, dead load of 40 
lb / ft, and wind load of 60 lb / ft to act through the shear center. 

DL + LL 

Wind 

\ 
\ 



3 
Members under Flexure: 2 

3.1 COVER-PLATED BEAMS 

The moment of inertia and section modulus of a structural steel member can be 
increased by the use of cover plates. In new steel work, height restrictions may 
limit the use of deep sections, making a cover-plated shallow beam necessary. 
Occasionally, the availability of rolled sections suggests the economical use of 
cover plates. Cover plates can also be added to increase the flexural capacity of 
existing beams of renovated or modified structures. Plates, in many cases, can 
be attached to beam flanges and cut off where they are no longer necessary. 

The normal procedure for design of cover plates, where depth restrictions 
govern, is to select a wide-flange beam that has a depth less than the allowable 
depth, leaving room for the cover plates. The moments of inertia of symmetrical 
cover plates are added to that of the wide flange, making 

lreq = IWF + 2Ap/ (~) 2 (3.1) 

where d is the distance between the centers of gravity of the two cover plates. 
From eqn. (3.1), the plate area required is equal to 

(3.2) 

The use of an unsymmetrical flange addition requires the location of the section 
neutral axis and the calculation of the moment of inertia. 

Example 3.1. Determine the maximum uniform load a cover-plated W 8 X 67 
can support simply spanning 30 ft. The plates are ~ X 12 in. Assume full lateral 
support. 

93 
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Solution. 

8F~ WL2 

M = Fb X S, M = -8-' W=-2-
L 

The section modulus is equal to the moment of inertia I of the section divided 
by the distance c from the neutral axis to the most extreme fiber of the section. 

Neglecting 10 for the cover plates, 

Isection = IWF + 2Apl (~y = 272.0 in.4 + 2 x 9.0 in.2 x (4.875 in.)2 

lsection = 699.8 in. 4 

9.0 in. . 
c = -- + 0.75 m. = 5.25 in. 

2 

699.8 in.4 1333' 3 S = =. m. 
5.25 in. 

L = 30.0 ft 

= 8 FbS = 8 x 24.0 ksi x 133.3 in. 3 = 2.37 k/ft 
W L2 12 in./ ft x (30.0 ft)2 

Subtracting the weight of the beam and cover plates, 

W = 2.37 k/ft - 0.067 k/ft - 2(0.03 k/ft) = 2.24 k/ft 

The maximum applied uniform load is 2.24 k/ft 

Checking deflection, 

5 WI 3 5 x (2.37 x 30) x (30 X 12)3 
A = -- = = 2.13 in. 

384 EI 384 x 29,000 x 699.8 

The maximum deflection corresponds to a 1/169 deflection. Note that in many 
cases this deflection is considered excessive and therefore unsatisfactory (AISCS 
L3.1). It is recommended that whenever practical, a minimum depth of (Fy /800) 
I be provided (AISCS Commentary L3.1). 
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Example 3.2. An existing W 16 x 67, whose compression flange is laterally 
supported, needs to be reinforced to carry a maximum moment of 325 ft-k. 
Detennine the required reinforcement if a) both flanges have symmetric cover 
plates and b) if the bottom flange has a cover plate only. Assume that ~-in. bolts 
connect the plates to the beam flanges (two rows of bolts per flange). 

Solution. 

S _ 325 ft-k x 12 in./ft _ . 3 
req - 24 ksi - 162.5 10. 

a) Try ~-in. cover plates 

d = 16.33 in. + 0.375 in. = 16.705 in. 

Total depth = 16.33 in. + 2 x (0.375 in.) = 17.08 in. 

lreq = 162.5 in. 3 x (17.08 in./2) = 1387.8 in.4 

From eqn. (3.2): 

1387.8 in.4 - 954 in.4 _ 3 . 2 
ApI = 2 x (16.705 in.)2 -.11 10. 

Required plate width = 3.11 in.2 /0.375 in. = 8.3 in. 

Use i x 8! in. cover plate at the top and bottom (S = 163.8 in. 3) 

Note: Investigation of the hole reduction provisions yields no reduction in the 
cross-sectional properties required (see AISCS BIO and Sect. 2.6). Also, the 
total plate area is less than 70% of the total flange area (AISCS BlO). 

b) Try 4 X 16 in. cover plate 

_ = (19.7 x 8.17) + [4 x 16 x (16.33 + 2)] = 15.94 in. 
y 19.7 + (4 X 16) 

'E16X67 y 
L- _ 

Cover plate 



96 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

1 
1= 954 + 19.7 x (15.94 - 8.17)2 + 12 X 16 X (4)3 

+ (16 X 4) X (16.33 + 2 - 15.94)2 

= 954 + 1190.9 + 85.3 + 365.6 = 2595.8 in.4 

2595.8 in.4 3 3 
S = 162.8 in. > 162.5 in. ok 

15.94 in. 

Use 4 X 16 in. cover plate 

Note: This plate size should not actually be used, since it violates the require­
ment given in AISCS B 10, which says that the total cross-sectional area of cover 
plates bolted or riveted to the member shall not exceed 70 % of the total flange 
area. The above example shows the economic benefits that can be achieved by 
using symmetrical cover plates. 

Example 3.3. A simply supported beam spanning 24.0 ft is to carry a uniform 
load of 4.2 k/ft. However, height restrictions limit the total beam depth to 12 
in. Determine if a standard wide flange can be used, and design a section using 
cover plates if necessary. Assume full lateral support. 

Solution. 

M= 

M = 4.2 k/ft X (24.0 ft)2 = 302.4 ft-k 
8 

_ 302.4 ft-k X 12 in./ft _ 5 2' 3 
Sreq - - 1 1. m. 

24.0 ksi 

Check wide flange sections that have a depth less than 12.0 in. 

Largest section is W 10 X 112, Sx = 126 in. 3 < 151.2 in. 3 N.O. Cover plated 
section is required. 

Try W 10 X 68, d = 10.4 in., S = 75.7 in. 3, I = 394.0 in.4 

Assume cover plate thickness = ~ in. 
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Ipl = lreq - IWF = 2Apl d 2 

. 3 (11.9 in.) .4 
lreq = S X c = 151.2 ID. X 2 = 899.6 ID. 

IWF = 394.0 in.4 

Ipl = 899.6 in.4 - 394.0 in.4 = 505.6 in.4 

d 

2 
10.4 in. 0.75 in. 

2 + 2 = 5.575 in. 

505.6 in.4 = 2Apl (5.575 in.)2 

A = 505.6 in.4 = 8 13· 2 
pI 622. 2 . ID • 

• ID. 

Apl=wXt 

8.13in.2 . 
w = 0 75. = 10.84 ID. say II in . 

. ID. 

Use W 10 X 68 beam with i x II-in. cover plates. 

1= 906 in.4 

d = 10.40 in. + 2 X 0.75 in. = 11.90 in. < 12 in. ok 

Checking deflection (for full-length cover plates), 

5 Wl 3 5 X (4.2 x 24) x (24 x 12)3 . 
.::l = 384 EI = 384 x 29000 x 906 = 1.19 ID • 

.::l 1.19 in. 1 
-= =-
I 24 ft x 12 in. 1ft 242 

Deflection-to-span ratio is within tolerable limits. 

Cover plates to flanges and flanges to webs of built-up beams or girders are 
connected by bolts, rivets, or welds. The longitudinal spacing must be adequate 
to transfer the horizontal shear, calculated by dividing the strength of the fas­
teners acting across the section by the shear flow at the section. Maximum 
spacings for compression flange fasteners and tension flange fasteners are given 



Development --l r- ---1 I-- Development 

length or a' "'1_.J:C:::===============::l:,--~lrgth or a' 

~I'--------L--------~,I 
Theoretical 1-' --l / Theoretical 
cutoff point....., Theoretical length of cover plates r cutoff point 

Moment resisted by 
cover-plated beam 

Fig. 3.1_ Cover-plating a unifonnly loaded, simply supported beam. 

~=~= 

N = Mall 
bolts Rv 

Theoretical 
cutoff p0:j 

000 0 0 0 0 0 

o 0 0 000 0 0 

o 

Tension flange 
24 (tpl ) .;; 12" (Note 1) 

\14 (tpl )';; ]"'\ (Note 2) 

o o 

o 

~ :; (tpl)~ 
I .;; 12" I 

(nonstaggered connectors) 

Compression flange 

(staggered connectors) 

o o 
o 0 

~============ o 0 
..?-

o 0 0 

Note 1: Painted member or unpainted member not 
subject to corrosion. 

Note 2: Unpainted member of weathering steel 
subject to corrosion. 

Fig. 3.2. Bolt and rivet requirements for cover plates. Fasteners in partial plate extensions must 
develop flexural stress at cutoff point. Maximum bolt or rivet spacing throughout plate must not 
exceed the values shown. 
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in Figs. 3.2 and 3.3, as limited by AISCS E4 and D2, respectively. As with 
beam flanges, no plate area reduction is necessary for fastener holes if (B 10-1) 
is satisfied (see eqn. (2.20), Sect. 2.6). 

Partial-length cover plates are attached to rolled shapes to increase the section 
modulus where increased strength is required and are then discontinued where 
they are unnecessary (see Fig. 3.1). The plates are extended beyond the theo­
retical cutoff point and adequately fastened to develop the cover plate's portion 
of the flexural stresses in the beam or plate girder at the theoretical cutoff point 
(AISCS B 10). Additionally, welded connections for the plate termination must 
be adequate to develop the cover plate's portion of the flexural stresses in the 
section at the distance a' from the actual end of the cover plate. In some cases 
(usually under fatigue loading) the cover plate cutoff point may have to be placed 
at a lower bending stress than the stress at the theoretical cutoff point. To assure 
adequate weld strength in all cases, the cover plate must be extended the min­
imum length a' past the theoretical cutoff point, even if the connection can be 
completed in a shorter development length. The requirements for bolts or rivets 
are shown in Fig. 3.2, and weld requirements are shown in Fig. 3.3. For further 
discussion, see AISC Commentary Section B.1O. 

The design of connectors for attaching cover plates to members is covered in 

Tension flange 

24(tpl )<12" ~ t I "------j 14 ".) < 7" 'No", 2) 

~f--------------------------_J =~--------~------------------~ 

Theoretical J r 127 (t )l 
cutoff point l ..JFy pi 

< 12" 

Compression flange 

Development length a' 

1) a' = bpI for weld leg;;' t tpl along b' side 

2) a' = 1tbpi for weld leg < t tpl along b' side 

3) a' = 2 bpi for no weld along end b' 

Note 1: Painted member or unpainted member not 
subject to corrosion. 

Note 2: Unpainted member of weathering steel 
subject to corrosion. 

Fig. 3.3. Fillet weld requirements for cover plates. The length Q' is used as the minimum length 
to ensure that all development requirements are met. 
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Chapters 5 and 6. Nevertheless, the connector design is included in the follow­
ing examples for the sake of completeness. 

Example 3.4. Design partial length cover plates for a W 27 x 94 loaded as 
shown. The plates will be connected to the flanges at the termination, with 
continuous fillet weld at the sides and across the end. The beam is fully laterally 
supported. Uniform load includes weight of beam. 

40 kip 

t w - 2k;,/I< 

Solution. 

40 k ( 50 ft) V = -2- + 2 k/ft x -2- = 70 k 

40 x 50 2 X (50)2 
M = + = 1125 ft-k max 4 8 

If be is the width and te the thickness of the cover plate, 

( 26.92 t)2 
3270 + bete x -2- + ~ x 2 

Stot = (26.92) 
--+t 2 e 

1125ft-kxI2in./ft_ 625' 3 
Stot ~ - 5 . Ill. 

24.0 ksi 

2 x 3270 + bcfe x (26.92 + tc)2 ~ 562.5 x (26.92 + 2 tJ 
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Try 

• te = 1~ in. --+ be = 8.49 in. 

• te = Ii in. --+ be = 9.22 in. 

• te = Ii in. --+ be = 7.88 in. 

Select cover plates to be 1 i x 8 in. 

( 26.92 1.625)2 
1= 3270 + 8 x 1.625 x -2- + -2- x 2 = 8566 in. 4 

8566 
S = 26.92 = 567.9 in.3 > 562.5 in.3 ok 

-- + 1.625 
2 

Moment at cutoff point is determined from wide flange capacity. 

M = _F-"b_X----:-S_ 
12in./ft 

24.0 ksi x 243 in.3 
12 in'; ft = 486 ft-k 

Determine the theoretical cutoff points. 

Solving for X 

2 kip/ft. " 

f!=========:::::::J; ) 486 ft.·kip 

1----X------il 
70 kip 

X2 
70 X - 2 x - - 486 = 0 

2 

X2 - 70 X + 486 = 0 

X = 7.82 ft 

Determine connection of cover plates to flanges. 

Vcutoff = 70 k - (7.82 ft x 2 k/ft) = 54.36 k 
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Q = 1.625 x 8 x e6~92 + 1.~25) = 185.5 in. 3 

VQ 54.36 k x 185.5 in. 3 
q =-= 

j 8566 in.4 

Minimum size weld is & in. (AISCS Table J2.4). 

Use E 60 welds. Capacity of the weld is 

1.18 k/in. 

0.30 x .J2 x 60 ksi x 2.- in. = 3.98 k/in. 
2 16 

Using intermittent fillet welds at 12 in. on center (AISCS D2, E4) 

1.18 k/in. x 12 in. . 3 . 
fw = 2 x 3.98 k/in. = 1.78 tn. Use 1 4 tn. weld length 

Termination welds (AISCS B 10) 

MCUloff = 486 ft-k 

Force to be carried in termination length (C-B1O-1) 

MQ 486 ft-k x 12 in./ft x 185.5 in. 3 

H = -j- = 8566 in.4 126.3 k 

a' = 1.5 x 8 in. = 12 in. (see Fig. 3.3) 

Total length of termination weld = (12 in. x 2) + 8 in. = 32 in. 

Hw = 32 in. x 3.98 k/in. = 127.4 k > 126.3 k ok 

-i1.---------:~',~~':,----------.r_6-· .. 1 
~ ___ 5/16" E 60 I ntermittent fillet weld ____ .j,1 ~ 12" 

li" @ 12" on center 

5/16" E 60 Continuous fillet weld (typ) 
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Example 3.5. A W 16 X 100 with ~ x 10 in. cover plates spans a distance of 
32 ft with a uniform load of 3.6 k/ft (including weight of beam) and point 
loads of 15 kips located 10 ft from each end. Determine the length of the partial 
length cover plates and the connections to the flanges. Use ~-in. ¢ A325-N bolts 
throughout and type SC, Class A bolts for the plate termination. Assume full 
lateral support. 

Solution. 

15.0 kip 15.0 kip 

f f w = 3.6 kip/ft. 

~ 
610.8 ft.·kip 

I 90 4 7 10 . (16.97 in. 0.875 in.)2 = 14 in. + 2 X -8 in. X In. X + 
2 2 

= 2883 in.4 

I 2883· 4 
S = - = . In. = 308.0 in. 3 

c 16.97 In. . 
2 + 0.875 In. 

Mall = Fb X S = 7392 in.-k = 616 ft-k > 610.8 ft-k ok 
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Moment at tennination of cover plates 

. 24 ksi 
M = 175 tn. 3 x I = 350 ft-k 

12 in. ft 

Distance to tennination point from end of beam 

3.6 kip/ft. f I I I I I I I I 11 I I I 11 II I I') 
• x 1350 ft.·kip 

72.6 kip 

From free body diagram, 

X2 
72.6 X - 3.6 x "2 - 350 = 0 

Solving for X, 

X = 5.60 ft 

Shear at cutoff point of cover plates 

v = 72.6 k - 5.6 ft x 3.6 k/ft = 52.44 k 

Shear flow at cutoff point 

_ 2 . . (16.97 in. 0.875 in.) _ 78 07· 3 
Q - 8 tn. X 10 tn. X 2 + 2 -. tn. 

52.44 k x 78.07 in. 3 I 
q = = 1.42 kin. 

2883 in. 4 

Shear capacity of ~-in. A 325-N bolts 

Rv = 9.3 k (AISCM Table I-D) 

Spacing of bolts throughout plated region 
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Minimum spacing: 

• Top Plate (AISCS E4): 

s :s 0.875 in. X 1~ = 18.5 in. 
vFy 

s :s 12 in. 

Spacing of bolts for top plate must be minimum 12 in. 

• Bottom Plate (AISCS D2): 

s :s 24 X 0.875 in. = 21 in. 

s :s 12 in. 

Spacing of bolts for bottom plate must be a minimum of 12 in. 
Spacing of bolts in termination region 

H = MQ = 350 ft-k X 12 in·/ft X 78.07 in.3 = 1137 k 
I 2883 in.3 • 

Capacity of termination bolts a-in. A 325-SC Class A) 

Rv = 7.51 k (AISCM Table I-D) 

Number of bolts needed 

H 113.7 k 
N = - = = 15.1 use 16 bolts 

Rv 7.51 k 

To reduce length of plate termination, stagger bolts. 

0 0 0 0 

0 0 0 
... :... 1.1." 

i -==== ----------------------------------------------------

?" I" 0 0 0 
~ 0 9 0 0 

~ I-S+S- .1." 
12 
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Detennine s such that loss of area is less than or equal to two bolt holes. 

1 m. - X - m. + - m. + 2 x ----O. 4 (3. 1.) i 
4 8 4 x 2 in. 

10 in. - 2 x (~in. + i in.) 

i = 7.0 in. 
3. 

s = 2.65 in. - say 2 4" m. 

3.2 BUILT-UP MEMBERS 

The use of built-up members is necessary when the flexural capacity of rolled 
sections becomes inadequate. Built-up members usually consist of a web with 
flange plates connected to the two edges of the web. Today, almost all built-up 
members have their flanges welded to the webs. Cover plates are sometimes 
used on the flanges and are cut off at the locations on the span where they are 
no longer required. Web stiffeners are attached to one or both sides of the web 
when large shear stresses occur in the web (see Fig. 3.4). 

-'I'" h 1~rr 
~L 

-, ~ 
I- Transverse _ Bearing 

web stiffener stiffener 
(if required) (if required) 

t-----I _-1_L_-----t·1 

Welded 

Cover plates 
(optional) 

Fig. 3.4. Typical bUilt-up members. 
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Typically, the depth of built-up members varies from i to ~ of the span, with 
to to i2 being the most common. In AISCS Commentary L3.1, it is suggested 
that the depth of fully stressed members in floors should not be less than 
(Fy /800) times the span; for fully stressed roof purlins, the depth should not 
be less than (Fy /1000) times the span. Note that these values are offered only 
as guides; the requirements for flexure, shear, and deflection are of primary 
concern. 

In AISCS Chapters F and G, two types of built-up members are recognized: 
built-up beams and plate girders. A built-up beam is distinguished from a plate 
girder on the basis of the web slenderness ratio h / t w , where h is the clear dis­
tance between flanges and tw is the thickness of the web. When h / tw > 
760 / ~ (where Fb is the allowable bending stress, ksi), the built-up member 
is referred to as a plate girder. In this case, the provisions of Chapter G apply 
for the allowable bending stress; otherwise, Chapter F is applicable. If the ratio 
is less than 760 /~, the member is commonly referred to as a built-up beam, 
and the allowable bending stress is governed by Chapter F (see Chap. 2). For 
the allowable shear stress, Chapters F and G are applicable. 

3.3 DESIGN OF BUILT-UP BEAMS 

There is no unique solution for the design of a built-up beam. Although mini­
mum cost is one of the most desired results, a beam can be designed for any 
number of combinations of web and flange dimensions and stiffener arrange­
ments (when required). A number of trials may be necessary for cost optimi­
zation. Typically, assumptions are made on the sizes for the web and flanges, 
and these assumptions are modified as deemed necessary. 

The usual design procedure is to select a trial cross section by the flange-area 
method and then to check by the moment of inertia method. The flange-area 
method assumes that the flanges will carry most of the bending moment and the 
web will carry all the shear forces. Required web area is then 

V 
A =-

w Fv 
(3.3) 

where V is the vertical shear force at the section and Fv is the allowable shear 
stress on the web. The required flange area is then determined from 

M Aw 
A -- -

f - F~ - 6 (3.4) 

where M is the bending moment at the section, Fb is the allowable bending 
stress, and h is the clear distance between flanges. 
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Verification by the moment of inertia method requires calculating the moment 
of inertia of the beam cross section. The allowable bending stress in the 
compression flange is determined from AISCS Fl. 

When designing a built-up beam for flexure, it is important to check both the 
width-thickness ratios for the compression flange and the web against the ap­
propriate limiting values given in AISCS Table B5.I. The limiting ratios for 
the compression elements in a built-up beam, taken from Table B5.I, are given 
in Table 3. 1. 

The magnitudes of the width-thickness ratios of the compression elements 
and the maximum unsupported length of the compression flange all playa key 
role in determining the applicable allowable bending stress Fb (see AISCS FI 
and Chap. 2). If it is found necessary to increase the section's moment of in­
ertia, the flange area should, in general, be increased. By slightly increasing 
the flange thickness, the flange width-thickness ratio will remain below the ap­
propriate limiting value given in Table 3.1 while increasing the value of [. 

The allowable shear stress Fv is given in AISCS F4. As was shown in Chap. 
2, Fv is given in (F4-I) when h/tw ::S 380/.JF;: 

(3.5) 

Note that this shear stress acts on the overall depth times the web thickness. In 
this case, intermediate stiffeners are not required. Such beams do not depend 
on tension field action (see the discussion which follows for the definition of 
tension field action). 

For the case when h / tw > 380/ JF;" the allowable shear stress acting on the 

Table 3.1. Limiting Width-Thickness Ratios for Compression Elements in a 
Built-Up Beam 

Description of Element 

Flanges of I-shaped welded beams in flexure 

Webs in flexural compressionb 

'k =~ I 70 h . k 0 
< (hit" )'J46 if h t" > ; ot efWlse. < = 1. 

F'f = yield strength of the flange 
'For hybrid beams, use F'i instead of F,. 
Source: Adapted from AISCS Table B5.1. 

Width-Thickness 
Ratio 

bJI2!J 

dl!w 
hi! .. 

Limiting Width-Thickness 
Ratios 

Compact 

65 I.JF; 
6401.JF; 

Noncompact 

95 I .JF'flkc" 

7601.JF;, 
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clear distance between flanges times the web thickness is given in (F4-2): 

where 

Fy 
Fv = -- (Cv) :5 0.40Fy 

2.89 

C = 45,OOOkv 
v / 2 Fy(h tw) 

when Cv < 0.8 

190 {k" 
= h/tw ~F; 

when Cv > 0.8 

5.34 
kv = 4.00 + -/h 2 (a ) 

4.00 
= 5.34 + -/h2 (a ) 

tw = web thickness, in. 

when a/h < 1.0 

when a/h > 1.0 

a = clear distance between transverse stiffeners, in. 

(3.6) 

h = clear distance between flanges at the section under investigation, 
in. 

Tables 1-36 and 1-50 (pages 2-232 and 2-233, respectively) of AISCM give the 
values of the allowable shear stress in ksi according to eqn. (3.6) for steels with 
Fy = 36 ksi and Fy = 50 ksi, respectively. As noted above, this allowable stress 
does not include tension field action. 

Intermediate stiffeners are not required when h / tw :5 260 and the maximum 
web shear stress is less than or equal to Fv given in eqn. (3.6). When transverse 
stiffeners of adequate strength are provided at required spacings, they act as 
compression members. The web then behaves as a membrane that builds up 
diagonal tension fields consisting of shear forces greater than those associated 
with the theoretical buckling load of the web. The result, commonly referred 
to as tension field action, is similar to the force distribution in a Pratt truss (see 
Fig. 3.5). Thus, the shear capacity of the web is increased to a level where it 
is able to resist applied shear forces unaccounted for by the linear buckling 
theory. Applying thin plate theory, it is clear that the additional shear strength 
is dependent on the web plate dimensions and the stiffener spacing. 

In lieu of eqn. (3.6), the allowable shear stress may be determined by in­
cluding the contribution of tension field action (AISCS G3). If intermediate 
stiffeners are sized and spaced according to the provisions given in AISCS 04 
and if Cv :5 1, the allowable shear stress, including tension field action, is given 
in (G3-1): 

Fy l 1 - Cv J Fv = -- C" +.J 2 :5 0.40 Fv 
2.89 1.15 1 + (a/h) . 

(3.7) 
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Compression in 
stiffener 

End 
stiffener 

Diagonal tension 
in web 

Tension Transverse stiffener (typ.) 
field action 
not permitted 
in end panel (AISCS G4) 

Fig. 3.5. Tension field action in a built-up member. 

where all quantities have been defined previously. Values of the allowable stress 
given in eqn. (3.7) are listed in Tables 2-36 and 2-50 (pp. 2-234 and 2-235) for 
steels with Fy = 36 ksi and Fy = 50 ksi, respectively. The italic values in the 
tables indicate the gross area, as a percentage of the web area, required for pairs 
of intermediate stiffeners. It is important to note that the spacing between stif­
feners at end panels for members designed on the basis of tension field action 
must not exceed the value given in eqn. (3.6) (AISCS 04). Also, tension field 

action is not considered when 0.60Fy J3 s; Fu S; 0.40Fy or when the panel 
ratio a/h exceeds 3.0 (AISCS Commentary 03). 

In order to obtain the advantages of tension field action, the provisions for 
minimum stiffness and area of the transverse stiffeners given in AISCS 04 must 
be satisfied. These requirements are depicted in Fig. 3.6. Additionally, to fa­
cilitate handling during fabrication and erection, the panel aspect ratio a / h is 
arbitrarily limited to the following (see (F5-1»: 

a l260]2 
h s; (h/tw) 

and 3.0 (3.8) 

The stiffeners which are provided for tension field action must be connected 
for total shear transfer not less than the value given in (04-3): 

(3.9) 
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1 A > 1 - Cv [~ _ (a/h)2 ] YDhtw 
. st - 2 h ../1 + (a/h)2 

(total area when stiffeners are furnished in pairs) 

Y = Fy•web 

Fy•st 

D = 1.0 stiffeners in pairs 
= 1.8 single-angle stiffeners 
= 2.4 single-plate stiffeners 

bst 95 
- < - (Table B5.1) 
tot - .JF; 

2. 1st 2! GoY (G4-1) 

3. Stiffener length, f.t 

f.t = h - £.:1 

where w + 6tw 2! £.:1 2! w + 4tw 

w = size of weld connecting flange to web 

If single stiffener is used, attach to compression flange. 

Fig. 3.6. Requirements for Transverse Stiffeners (AISCS G4). 

(G4-2) 

where Ivs = the shear between the web and the transverse stiffeners, kips per 
linear inch. Shear transfer may be reduced in the same proportion as the largest 
computed shear stress to allowable shear stress in adjacent panels. 

When a member is designed on the basis of tension field action, a stress 
reduction in the web may be required due to the presence of high combined 
moment and shear. Consequently, the maximum bending tensile stress in the 
weblb is limited to the value given in (G5-1): 
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Jb ::5 (0.825 - 0.375 ~J Fy (3.10) 

but should not be taken greater than 0.60Fy ' Note that J" is the computed av­
erage web shear stress (total shear divided by the web area), and F" is given in 
eqn. (3.7). 

When intermediate stiffeners must be provided for the cases when tension 
field action is not considered, the stiffeners should have a moment of inertia of 
at least (h /50)4 to provide adequate lateral support of the web (AISCS Com­
mentary G3). In addition, the limiting width-thickness ratio given in Table B5.1 
and the spacing requirements given in eqn. (3.8) are applicable. 

Bearing stiffeners must be placed in pairs at unframed ends and at points of 
concentrated loads when required (AISCS Kl.8). The provisions given in AISCS 
K1.3 through K1.5 govern in this case (see Chap. 2). Figure 3.8 summarizes 
the bearing stiffener requirements as given in AISCS K1.8. 

Hybrid beams are sections in which the web plate is of a different grade of 
steel than the flange plate. Hybrid built-up beams may be used with the follow­
ing limitations: 1) th6 maximum allowable bending stress is 0.60FYi for mem-

Fig. 3.7. Fascia. or edge, girder of a steel frame building with vertical web stiffeners. 



Effective area of end-bear­
ing stiffeners. Provide at 
unframed ends. 

Design requirements 

1 b" < ~ 
• (st - .fii; (Table B5.1) 
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Effective area of load-bearing stiffeners. 
Provide under concentrated loads when 
required. 

2. Struts designed as columns. Determine allowable axial stress 

End bearing Interior bearing 

AeIT = 2 (bst x (st) + 12 ~ AeIT = 2 (bst x (st) + 25 ~ 

r=)E 
Kh, K = 0.75 (AISCS K1.8) 

Allowable axial stress is found in AISC Tables C-36 and C-50 for value of 
(Kh/r). If stiffener yield stress is different from web yield stress, use lesser 
grade of the two. 

. ~ R 
Check compressIve stress: Ja = - :5 Fa 

Aeff 

3. Check bearing criteria: 

R 
h = Ab :5 Fp = O.90Fy (AISCS J8) 

where Ab = bearing area, in2 

Fig. 3.8. Requirements for bearing stiffeners. 
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bers with full lateral support where FYI is the yield stress of the flange (AISCS 
Fl.2) and 2) tension field action may not be considered (AISCS G3). 

To facilitate the design of built-up beams, tables of dimensions and properties 
are provided as a guide for selecting members of economical proportions (see 
p. 2-230 of the AISCM). The design aids on pp. 2-236 through 2-242 can also 
be used. 

Example 3.6. Design a built-up beam with no intermediate stiffeners to support 
a uniform load of 4. 8 k I ft on a 65-ft span. The member will be framed between 
columns, and its compression flange will be laterally supported over its entire 
length. 

Solution. 

w = 4.8 kip/ft. 

t llllllllllllll1111111111t . 
Loading 

6========================d 
I· 65'-0" ·1 

156kiP~ 

~156kiPShear 

~_.~MomM' 
2535 ft.·kip 

r . th d fl . h h L 65 ft X 12 in. 1ft 
To Imlt e e ectlOn, assume t at = 10 = 10 = 78 in. 

Assuming that Fb = 22 ksi, for a built-up beam, 

h 760 760 
-:S - = - = 162 
tw Jii;, ..fi2 

(AISCS Chap. F) 

tw ~ l76~ = 0.48 in. Trv t = 1 in (~= ~ = 156 < 260) 
OJ w 2 • tw 0.5 
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Assuming that ~ > 3.0 (no stiffeners), Fv = 3.4 ksi (from interpolation, Table 

1-36). 

V 156.0 k . Iv = - =. . = 4.0 kSI > 3.4 ksi N.G. 
Aw 0.5 In. x 78 In. 

Try ft in. web 

h 
- = 139; Fv = 4.3 ksi 
tw 

Iv = 0 56 . 78· = 3.57 ksi < 4.3 ksi ok 
. In. X In. 

156.0 k 

Since h/tw = 139 > 640/56 = 107, the web is noncompact. (Table B5.1). 

M 2535 ft-k x 12 in. /ft . 3 
Sreq = F = 22 O· = 1383 In. 

b • kSI 

Preliminary flange size 

M Aw 2535 ft-k x 12 in. /ft 
AI = F~ - (; 22.0 ksi x 78 in. 

= 10.45 in.2 

hI X tl = 10.45 

Try tl = ~ in., hI = 14 in. 

= 4.05 = 4.05 = 042 
kc (h / tw)0.46 (139)0.46 . 

0.56 in. x 78 in. 

6 

hI 14 in. = 9.33 < ~ = 95 = 10.3 
2tI 2 x 0.75 in. ../Fy/kc ../36/0.42 

Check by moment of inertia method: 

d 2 9. x (781~n.)3 + 2 [10.5 in.2 x (78.7~ in.)2] I = IOweb + 2(A )f1 = 16 In. 

= 54,803 in.4 
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I 54,803 in.4 

S = - = 1379 in.3 < 1383 in.3 say okl 
c 39.75 in. 

Check maximum deflection: 

2535 X (65)2 
Do = -----'----'.....-

161 x 54,803 
1.21 in. - ok 

643 

Use -& x 78 in. web plate with ~ x 14 in. flange plates. 

(For the connection of the web plate to the web, see Chap. 6.) 

Note: This may not be the most economic solution, as a solution with web 
stiffeners, much thinner web, and heavier flanges could give much less pound­
age, even including the extra labor cost, as its equivalent in steel weight. 

Weight of web + flanges 

web 23 psf x 6.5 ft = 149.51b/ft 
fig 35.6 plf x 2 = 71.21b/ft 

220.7 Ib/ft x 65 ft = 14,3461b 

Example 3.7. Rework Example 3.6 using intermediate stiffeners and h = 60 
in. In this case, the beam is not framed at the supports. 

Solution. 

t = h = ~ = 0.37 in. 
w 760/~ 162 

h 
Select i-in. web; 

tw 

a 
Assuming that h > 3.0, 

60 in. 
0.375 in. 

160 < 260 

156 k J. - = 6.93 ksi > F" = 3.2 ksi (Table 1-36) N.G. 
v - 0.375 in. X 60 in. 

Thus, transverse stiffeners are required when!., > F" = 3.2 ksi. 

lin actuality, Fb can be determined from (FI-4), which yields Fb = 0.62 x 36 ksi = 22.2 ksi; this 
results in Sreq = 1369 in. 3 < 1379 in. 3 . Typically, (FI-5) can be used conservatively in these 
cases. 
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Flange design: 

A _ ~ Aw _ 2535 ft-k x 12 in./ft 
'f - Fb X h - 6 - 22.0 ksi x 60 in. 

0.375 in. x 60 in. 

6 

= 23.05 - 3.75 = 19.3 in. 2 

Try I! x 16 in. flange. 

k _ 4.05 _ 
C - (160)0.46 - 0.39 

hf 16 in. 95 
- = = 6.4 < = 99 
2tf 2 x 1.25 in. "/36/0.39' 

I = ~ . (60 in.)3 r 200 . 2 (61.25 in.)2l = 44 266' 4 
8 m. x 12 + 2 L . m X 2 ' m. 

44,266 in.4 . 3 . 3 
S = 3 25' = 1417 m. > 1383 m. ok (see Ex. 3.6) 

1. m. 

Connection of flange plates to web (see Chap. 6 for details): 

VQ 
qv = I 

Q (1 25 . 16 . (30 . 1.25 in.) 6 . 3 = . m. X m.) X m. + 2 = 12.5 m. 

156 k x 612.5 in.3 _ I' 
qv = 4 - 2.16 k m. 

44,266 in. 

For minimum weld size of ft, in. (AISCS Table J2.4): 

Fw = 0.928 k/in./16th x n, x 2 welds = 9.28 k/in. 

Assume an intermittent fillet weld spaced 12 in. on center. 

. 2.16 k/in. x 12 in. 
ReqUIred weld length = 9.28 k/in. = 2.79 in. 

Use ft,-in. weld, 3 in. long, spaced 12 in. on center. 
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Stiffener spacing: 

Aw = 0.375 in. X 60 in. = 22.5 in. 2 

Since hltw = 160 < 260, stiffeners are not required when Iv :5 3.2 ksi. 

• End Panel (Eqn. (F4-2) Governs): 

v = 156 k 

156 k a 
Iv = . 2 = 6.93 ksi -- - = 0.85 (Table 1-36) 

22.5 tn. h 

a = 0.85 X 60 in. = 51 in. = 4 ft, 3 in. 

• Second Panel (Eqn. (G3-1) Governs): 

v = 156 k - 4.8 k/ft X 4.25 ft = 135.6 k 

135.6 k a 
Iv = 2 = 6.03 ksi -- - = 2.50 

22.5 in. h 
(Table 2-36) 

a = 2.50 X 60 in. = 150 in. = 12 ft, 6 in. 

• Third Panel (Eqn. (G3-1) Governs): 

v = 135.6 k - 4.8 k/ft X 12.5 ft = 75.6 k 

75.6 k a 
Iv = . 2 = 3.36 ksi -- - = 2.50 (Table 2-36) 

22.5 tn. h 

a = 2.50 X 60 in. = 150 in. = 12 ft, 6 in. 

Note that this spacing is slightly conservative; the maximum value from eqn. 
(F5-1) can be used: 

~ = (260)2 = 2 64 __ a = 2.64 X 60 in. 
h 160 . 158.4 in. 

• Middle Panel (Eqn. (G3-1) Governs): 

v = 75.6 k - 4.8 k/ft X 12.5 ft = 15.6 k 

15.6 k . . Iv = 2 = 0.69 kSI < 3.2 kSI -- No stiffener required 
22.5 in. 
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As noted above, stiffeners are no longer required whenlv ~ 3.2 ksi. This cor­
responds to V = 3.2 ksi X 22.5 in.2 = 72 k. Thus, stiffeners are no longer 
required at a distance of 32.5 [1 - (72/156)] = 17.5 ft from the support. 
Conservatively space the stiffeners, as shown in the following figure. 

End 
stiffener 

Intermediate 
stiffener (typ.) Sym. about It 

Bearing 
stiffener 

r·--·*I·o>-----3@5'-10"=17'-6"-------4·I-·--8'-0" 
2'-6" 

Check combined shear and tension stress at 18.25 ft from the support: 

V = 156 k - 4.8 k/ft x 18.25 ft = 68.4 k 

68.4 k 
Iv = 22 5' 2 = 3.04 ksi 

. tn. 

Fv = 8.5 ksi (Table 2-36 for ~ = 7 :012 = 1.4) 

Fb = [0.825 - (0.375 x 3~~) 136 ksi = 24.9 ksi > 22 ksi 

ii ' b 2048 ft-k x 12 in. /ft X (31.25 in. 1.25 in.) 6 k' 
(we ) - --------'------'---,,--------~ = 1 .7 SI 

b - 44,266 in.4 

fb < Fb = 22 ksi ok 

Design of intermediate stiffeners: Panel 2 (first panel where tension field action 
occurs) 

4.00 
kv = 5,34 + (1.4i = 7.38 

45,000 x 7.38 
Cv = 36 X (160)2 = 0.36 < 1 

A = 1 - 0.36 [1.4 _ (1.4)2 1 X 1 x 1 x 22.5 in.2 
st 2 .Jl + (1.4)2 

= 0.083 x 22.5 in.2 = 1.87 in.2 total area (stiffeners furnished in pairs) 
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Note: The total stiffener area could have been obtained by mUltiplying the total 
web area by the italic value (divided by 1(0) given in Table 2-36 for h/tw = 
160 and a/h = 1.4: 

8.3 . 2 . 2 
Ast = 100 x 22.5 lll. = 1.87 lll. 

Note also that this area could be reduced to a total value of 

( 6.03) x 1.87 = 1.3 in. 2 

8.5 

as per AISCS G4. However, due to the limiting width-thickness ratio given in 
Table B5.1, try! x 4 in. stiffeners on each side: ~ 

4 in. 95 
= 16:::::: r;:;;36 = 15.8 say ok. 

0.25 in. v "'0 

Check the moment of inertia: 

(60)4 . 4 1. 3 
lreq = 50 = 2.07 lll. < 12 x 0.25 lll. x (8.375 in.) 

= 12.2 in.4 ok 

Minimum length required (AISCS G4): 

From Fig. 3.6, lei = 156 in. + (6 x 0.375 in.) = 2.56 in. 

1st = 60 in. - 2.56 in. = 57.44 in. 

Use 4 ft 10 in.-Iong plates on each side of the web. 

Connection of stiffener plates to web: 

Ivs = hJ(-EtoY = 60 in. x 

Required weld size: 

( 36 kSi)3 = 2.07 k/in. 
340 

_ (2.07 k/in.)/(4 welds) = 0035 . 
w - . lll. 

0.707 x 21 ksi 
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Use ~-in. continuous weld on both sides of each stiffener. 

(Note: An intennittent fillet weld could be used, but it is not desirable.) 

Use intennediate stiffeners! X 4 x 4 ft, lO in. 

Design of bearing stiffeners at unframed ends (AISCS Kl.8): 

Try two! X 7 in. stiffeners: 

bSI 7 in. 
14 < ~ = 15.8 ok 

v36 
-=--= 
tSI 0.5 in. 

Aeff = 2 X (7 in. X 0.5 in.) + 12 X (0.375 in.)2 = 8.69 in.2 

lSI = 0.5 in. X [(2 X 7 in.) + 0.375 in.]3 = 123.8 in.4 
12 

r= 128.8 in.4 = 3 77 . 
2 • !D. 

8.69 in. 

Kh = 0.75 X 60 in. = 11 92 
r 3.77 in. . 

Fa = 21.05 ksi (Table C-36) 

156 k 
fa = 8.69 in.2 17.95 ksi < 21.05 ksi ok 

End bearing stiffener 

-& X 7~" (typ.) 

11 ." 
16" ll1H~==ct:z:":c=pl:z:6 z:zzz::r:z:/ 

liT,... __ -L~" 
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Check the bearing on the bottom flange: 

Assume 1~ in. clipped from the stiffener, as shown, to accommodate the fillet 
weld connecting the flange to the web. 

1~" 

""",,"":77M~77777777T,>'"n~ 

Ab = 0.5 in. X (7 in. - 1.5 in.) = 2.75 in.2 

(156 k/2). .. 
/p = 27 . 2 = 28.4 kSI < 0.90 X 36 kSI = 32.4 kSI ok 

.5 Ill. 

Connection of bearing stiffeners to web: 

. 156 k 
ReqUired shear transfer = = 0.65 k/in. 

4 X 60 in. 

Use fi,-in. continuous fillet welds on each side of both stiffeners. 

Use bearing stiffeners ~ in. X 7 in. X 5 ft, 0 in. 

Check maximum deflection: 

2535 X (65)2 
d=---:"-"":-

161 X 44,266 
1.50 in. 

Use ~ x 60 in. web with I! x 16 in. flange plates. 

I 
ok 

520 
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3.4 DESIGN OF PLATE GIRDERS 

As noted above, a plate ~der is a built-up member which has a web-slender­
ness ratio h / tw > 760/"; Fb • The main difference between the design of a plate 
girder and a built-up beam is in the determination of the allowable bending 
stress. For plate girders, the allowable bending stress in the compression flange 
Fi, is given in (G2-1): 

(3.11) 

where Fb is the applicable allowable bending stress given in AISCS Chap. F 
and 

RpG = plate girder factor 

= 1 - 0.0005 Aw (!: _ 7~) ~ 1.0 
Af tw VFb 

Re = hybrid girder factor 

12 + (~) (3a - ( 3) 

~ 1.0 (nonhybrid girders, Re = 1.0) 

12 + 2 (~;) 
where Aw = area of the web at the section under investigation, in. 2 

Af = area of the compression flange, in. 2 

a = 0.6Fyw/ Fb ~ 1.0 
Fyw = yield stress of the web, ksi. 

Since plate girders have thin webs, a portion of the web may deflect enough 
laterally so that it does not provide its full share ofthe bending resistance. Thus, 
the factor RpG ensures that the bending capacity is adequate for the cases when 
this occurs. Also, the factor Re is included to compensate for any loss of bend­
ing resistance when portions of the web of a hybrid girder are strained beyond 
their yield stress limit. 

In AISCS G 1, limitations are given for the maximum web-slenderness ratio. 
For the cases when no transverse stiffeners are provided or when stiffeners are 
provided but spaced more than l!h, the maximum ratio is determined from 
(01-1): 

h 14,000 
- < -r========== 
tw - ../Fyf(Fyf + 16.5) 

(3.12) 
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where FYI = yield stress of the flange, ksi. When transverse stiffeners are pro­
vided and are spaced not more than l~h, (GI-2) governs: 

(3.13) 

The allowable shear stress is limited by (F4-2) when tension field action is 
not considered and by (G3-1) when it is considered. All of the provisions for 
the design of intermediate and bearing stiffeners required for built-up beams are 
also applicable for plate girders. 

Example 3.8. A plate girder loaded as shown is not framed at the supports. 
Lateral support is provided at the points of the applied concentrated loads only. 
Design the girder with intermediate stiffeners. 

100 kip 100 kip 3.2 kip/ft. 
(includes weight 

of girder) 

189.6 kip 1----20'---.~1--16'---' .. 1'---20- ----1189.6 kip 

A 8 C 0 

Solution. 

189.6 kip 

3152 ft.-ki,:--p _---~ 
189.6 kip 
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L 56 ft x 12 in./ft 
Assume h = 10 = 10 = 67.2 in. say 70 in. 

Maximum web-slenderness ratio !!:.- = 2~ = 333 
tw ,,36 

(Gl-2) 

M· . b h· 70 in. 5 lmmum we t lckness tw = 333 = 0.21 in. Try 16 in. web. 

Considering a flange stress reduction, assume that Fb = 21.0 ksi. 

h 70 760 
- = -- = 224 > - = 166 
tw 0.3125 .fil 

Flange design: 

3254 ft-k x 12 in. 1ft 0.3125 in. x 70 in. 2 
A = - = 2292 in 

i 21.0 ksi x 70 in. 6 .. 

Try I! x 16 in. flange. 

4.05 
kc = (224)0.46 = 0.34 

hf = 16 in. . = 5.33 < 95 = 9.23 ok 
2tf 2 x 1.5 m. .J36/0.34 

5 . (70 in.)3 [ . (71.5 in.)2] . 
1= 16 m. x 12 + 2 24.0 m.2 X 2 = 70,279 m.4 

S = 70,279 in.4 = 1925.5 in.3 
36.5 in. 

ib = 3254 ft-k x ~2 3in./ft = 20.28 ksi 
1925.5 m. 

Check the bending stress in the 16-ft center panel (between B and C): 

Moment of inertia of flange plus i of the web: 

IT = 1.50 in. ;2 (16 in.)3 = 512.0 in.4 
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AT = AI + ! Aw = (1.5 in. x 16 in.) + ~ (0.3125 in. x 70 in.) 

= 27.65 in.2 

512 in.4 . 
/----;;-2 = 4.30 In. 
27.65 in. 

For panel BC, Cb = 1.0 (AISCS Fl.3) 

i = 16 ft x 1~ in. 1ft = 44.65 < 
rT 4.30 In. 

Therefore, Fb = 22.0 ksi in panel Be. 

102 X 103 X 1.0 = 53.2 
36 

Reduced allowable bending stress in the compression flange (AISCS G2): 

Aw = 0.3125 in. x 70 in. = 21.88 in.2 

AI = 1.5 in. X 16 in. = 24 in. 2 

( 21.88 in.2) ( 760) RpG = 1 - 0.0005 . 2 224 - ~ = 0.972 
24 In. ..22 

Re = 1.0 

FJ, = 22 ksi X 0.972 X 1.0 = 21.4 ksi > ib = 20.28 ksi ok 

Check the bending stress in the 20-ft end panels (between A and B, C and D): 

3152ft-kXI2in·/ft . 
Jb = 1925.5 in.3 = 19.64 kSl 

For end panels, Cb = 1.75 (M) = 0) 

i = 20 ft X 1~ in. 1ft = 55.8 < 
rT 4.30 In. 

Fb = 22.0 ksi 

FJ, = 21.4 ksi > 19.64 ksi ok 

102 X 103 X 1.75 = 70.4 
36 

Therefore, use t, X 70 in. plate for the web and 1~ X 16 in. plates for the 
flanges. 
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Connection of flange plates to web (see Chap. 6 for details): 

Q = (1.5 in. X 16 in.) X (35 in. + 1.52in) = 858 in. 3 

189.6 k X 858 in.3 . 
qv = 70,279 in.4 = 2.31 kim. 

Using minimum weld size of it; in., 

Fw = 0.928 X 5 X 2 = 9.28 k/in. 

For intermittent fillet welds spaced 12 in. on center, 

2.31 k/in. X 12 in. . 
Required weld length = 9 28 I. = 2.99 10. 

. k 10. 

Use it;-in. fillet weld, 3 in. long, spaced 12 in. on center. 

Required intermediate stiffeners: 

End panel stiffener (no tension field action permitted per AISCS G4): 

v = 189.6 k 

J. = 189.~ k = 8.67 ksi a 047 (th· al b . d 
v 21.8810.2 - h =. IS V ue was 0 tame 

by solving (F4-2) for alh) 

a = 0.47 X 70 in. = 32.9 in. Use 2 ft, 6 in. 

Shear at first intermediate stiffener: 

v = 189.6 k - 3.2 k/ft X 2.5 ft = 181.6 k 

181.6 k . a 
Iv = 21.88 in.2 = 8.3 ksl - h = 1.0 (Table 2-36) 

a = 1.0 X 70 in. = 70 in. Use 5 ft, 10 in. 

Shear at second intermediate stiffener: 

v = 181.6 k - 3.2 k/ft X 5.83 ft = 162.9 k 
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162.9 k a (a) Iv = 8· 2 = 7.5 ksi - -h = max -h 21.8 tn. 
1.35 (F5-1) 

a = 1.35 X 70 in. = 94.5 in. Use 7 ft, 6 in. 

Shear at third intermediate stiffener: 

v = 162.9 k - 3.2 k/ft x 7.5 ft = 138.9 k 

138.9 k a 
Iv = 21.88 in.2 = 6.3 ksi - h = 1.35 

a = 1.35 X 70 in. = 94.5 in. Use 7 ft, 6 in. 

Check the 16-ft center panel: 

v = 25.6 k 

25.6 k (a ) !. - 1.17 ksi < Fv = 1.66 ksi (F4-2) with -h > 3 
v - 21.88 in.2 

No intermediate stiffeners are required in the center panel. 

Conservatively provide stiffeners as shown. 

End 
stiffener 

Intermediate 
stiffeners (typ.) 

/ 
V 

Sym. about <l 

~ 

1-4'-3" I 2 @ 7'-0" = 14'-0" 0\- 14'-3" 

Check combined shear and tension stress at point B: 

v = 125.6 k 

= 125.6 k = 5 74 ksi 
Iv 21.88 in. 2 . 

a _ 5.83 ft X 12 in·/ft _ 0 
For h - 70 in. - 1. , Fv = 8.8 ksi (Table 2-36) 

I 
It 

l 
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Fb = [0.825 - (0.375 x 5~~:)] 36 ksi = 20.9 ksi < 22 ksi 

I" b 9 64 k . ( 35 in. ) 8' . Jb(we ) = 1. SI 36.5 in. = 18. kSI < 20.9 kSI ok 

Design of intennediate stiffeners: 

As, = % web area (Table 2-36) x (/v/Fv) 

Forh/tw = 224anda/h = 1.0, % web area = 11.2 

(from interpolation, Table 2-36) 

As, = 0.112 x 21.88 in. 2 x (8.3 ksi/8.8 ksi) = 2.31 in.2 

Try ft; x 4 in. stiffeners (As, = 2 x 0.3125 in. X 4 in. = 2.5 in. 2). 

4.0 in. 95 
= 12.8 < r::7 = 15.8 ok 

0.3125 in. ..36 

Check moment of inertia: 

( 70)4 . 4 1 . . 3 
lreq = 50 = 3.84 tn. < 12 x 0.3125 tn. x (8.3125 tn.) 

= 14.96 in.4 ok 

Minimum stiffener length (AISCS G4): 

lei = -& in. + (6 x 0.3125 in.) = 21.19 in. 

lSI = 70 in. - 2.19 in. = 67.8 in. 

Use 5 ft 8 in. long plates on each side of the web. 

Connection of stiffener plates to web: 

Ivs = 70 in. X ( 36 kSi)3 = 241 k/in 
340 . . 

Use fi;-in. continuous welds on both sides of each stiffener. 

Use intennediate stiffeners ft; x 4 x 5 ft, 8 in. 
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Design of bearing stiffeners at unframed ends (AISCS K1.8): 

Try two -& x 7~ in. stiffeners. 

bSI = 7.5 in. = 13.3 < 95 = 15.8 ok 
0.5625 in. 56 

Aeff = 2 x (7.5 in. x 0.5625 in.) + 12 x (0.3125 in.)2 = 9.61 in.2 

I - 0.5625 in. X [(2 x 7.5 in.) + 0.3125 in.]3 _ 6 3. 4 
sl - 12 - 1 8. 10. 

r= 
168.3 in.4 
9 2 = 4.18 in. 

.61 in. 

Kh = 0.75 x 70 in. = 126 
r 4.18 in. . 

Fa = 21.02 ksi (Table C-36) 

189.6 k . . 
fa = 961. 2 = 19.73 kSI < 21.02 kSI ok 

. 10. 

Check bearing on bottom flange: 

End bearing stiffener ,,, 
"2 X 7" (typ.) 

Assume that 1~ in. is clipped from the end stiffener at the bottom to accom­
modate the fillet weld connecting the flange to the web. 

Ab = 0.5625 in. x (7.5 in. - 1.5 in.) = 3.375 in.2 

}"p = (189.6 k/;) = 28.1 ksi < 0.90 x 36 ksi = 32.4 ksi ok 
3.375 in. 
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Connection of end bearing stiffener to web: 

189.6 k 
Required shear transfer = 4 70. = 0.68 k/in. x In. 

Use fc,-in. continuous fillet welds on each side of both stiffeners. 

Use end bearing stiffeners l6 x 7 x 5 ft 10, in. 

Design of bearing stiffeners under concentrated loads: 

Check local web yielding (AISCS K1.3), assuming point bearing (i.e., N = 

0): 

k = If + w(flange to web) 

= 1.5 in. + 0.3125 in. = 1.81 in. 

R 
l-w(-N-+-5k-) < 0.66 Fy (KI-2) 

100 k ----------- = 35.4 ksi > 0.66 x 36 = 24 ksi N.G. 
0.3125 in. [0 + (5 x 1.81 in.)] 

(Note: If the local web yielding criterion is satisfied, the criteria for web crip­
pling must then be checked.) 

Try two ~ x 4 in. stiffeners. 

bSI = 4.0 in. = 10 7 < 15.8 ok 
lSI 0.375 in. . 

Aeff = 2 x (4.0 in. x 0.375 in.) + 25 x (0.3125 in.)2 = 5.44 in.2 

0.375 in. x [(2 X 4.0 in.) + 0.3125 in.]3 . 4 
lSI = 12 = 17.95 In. 

r= 

Kh 

r 

17.95 in.4 

5.44 in.2 1.82 in. 

0.75 X 70 in. ----- = 28.8 
1.82 in. 

Fa = 20.02 ksi (Table C-36) 

fa = l00.k 2 = 18.38 ksi < 20.02 ksi ok 
5.44 In. 
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Check bearing: 

Again, assume 11 in. clipped from the stiffener to accommodate the fillet weld 
connecting the flange to the web. 

Ab = 0.375 in. X (4.0 in. - 1.5 in.) = 0.94 in.2 

(100 k/2) 
f" = 0.94 in.2 = 53.3 ksi > 32.4 ksi N.G. 

(100 k/2) . 2 
Required Ab = 2 . = 1.54 m. 

3 .4 kSI 

Conservatively use & x 71 in. stiffeners under concentrated loads (same as for 
end stiffeners). 

3.5 OPEN-WEB STEEL JOISTS 

In common usage are shop-fabricated, lightweight truss members referred to as 
open-web steel joists (see Fig. 3.9). Charts are readily available that provide 
standard fabricated sections for desired span and loading conditions. When the 
use of open-web joists is desired, the designer should refer to anyone of the 
numerous design tables available from joist suppliers and the Steel Joist Insti­
tute. 

Concentrated loads on panel points (typ) 

rvszs*ZVSZVL'''''',"'' - (optional) 

Parallel chords 

Top chord pitched one way 

Top chord pitched two ways 

Fig. 3.9. Types of open-web steel joists. Generally, chords are double-angles, and the web mem­
bers are round bars. Parallel chord joists are most commonly used. 



Fig. 3.10. Long-span joist roof system of the American Royal Arena in Kansas City, Missouri 
(courtesy of U.S. Steel Corp.). 

Fig. 3.11. View of a steel truss made from wide flange sections during fabrication. 

133 
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PROBLEMS TO BE SOLVED 

3.1. A W 16 x 100 beam has a simple span of 45 ft. If the member is fully 
laterally supported, determine 

a) the maximum distributed load the beam can carry and 
b) the maximum distributed load that can be carried by the beam if both 

flanges are cover-plated with I! x 12 in. plates. 

3.2. Determine the width of l!-in. cover plates necessary for a W 12 x 65 
beam to resist a moment of 320 ft-k. Design plates for top and bottom flanges. 
Use Fb = 22.0 ksi. 

3.3. The loading of an existing W 12 x 65 beam spanning 25 ft is to be in­
creased to 2.75 k/ft. Because of existing conditions, only the bottom flange 
can be reinforced. Determine the thickness of a 12-in.-wide cover plate for the 
bottom flange necessary to carry the increased load. 

3.4.2 A simple beam spanning of 30 ft is to carry a uniform distributed load of 
1.8 k/ft. However, height restrictions limit the total depth of lo! in. Determine 
the width of i-in. partial length cover plates necessary to increase a W 8 x 67 
section to carry the load. Assuming bolted plates with two rows of i-in. A 325 
Nor SC bolts as applicable, calculate the required spacing of bolts. 

3.5.2 Design partial-length cover plates for Problem 3,4, assuming i X ll-in. 
plates welded continuously along the sides and across the ends with ~-in. welds. 

3.6.2 A W 10 x 49 beam with i x 12-in. cover plates spans a distance of 35 
ft, with loads as shown. Assuming Fb = 22.0 ksi, design partial-length cover 
plates bolted to the flanges with two rows of i-in. A 325-N bolts, using an 
allowable load of 9 kips per bolt; and determine how many bolts are required 
in the development length. 

6 kip 6 kip ! ! 1.0 kip/ft. 

3.7. Show that the required plate girder flange area equation At = MI(Fbh) -
Awl6 is derived from the gross moment of inertia equation. Hint: Assume flange 
thickness to be small compared with the web plate height. 

2Knowledge of connection design (Chaps. 5, 6, and 7) is required. 
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3.8.3 A built-up beam framed between two columns 70 ft apart supports a uni­
fonn load 4.5 k/ft. Design trial web and flange plates that will not require 
transverse stiffeners. Assume the beam depth to be LI 12. Check using the mo­
ment of inertia method. Calculate the welds. 

3.9.3 Design bearing and intennediate stiffeners, in pairs, and their connections 
for a member with loading as shown. The section consists of a 56 x &-in. web 
plate and 1£ x 20-in. flange plates and is unframed at the ends. Assume that 
the member is fully supported laterally. 

3.10.3 Completely design the built-up beam shown. The beam is laterally sup­
ported at points A, B, C, and D, the compressive flange is not prevented from 
rotating between the points of support; and the ends are not framed. Design 
such that intennediate stiffeners are not required. 

150kip 150kip 

lllllllllllllllllllllllll~ 

1--------22'-0 .. --1--18'-0 .. --t-22' -o"---j 
A 8 C D 

! ~ 2.60 kip/ft. 

3.11.3 Redesign Problem 3.10 as a plate girder using minimum thickness web 
plate and intennediate web stiffeners. 

3Knowledge of connection design (Chaps. 5, 6, and 7) is required. 



4.1 COLUMNS 

4 
Columns 

Straight members that are subject to compression by axial forces are known as 
columns. The strength of a column is governed by the yielding of the material 
for short ones, by elastic buckling for long ones, and by inelastic (plastic) buck­
ling for ones of intennediate lengths. A "perfect column," that is, one made 
of isotropic material, free of residual stresses, loaded at its centroid, and per­
fectly straight, will shorten unifonnly due to unifonn compressive strain on its 
cross section. If the load on the column is gradually increased, it will eventually 
cause the column to deflect laterally and fail in a bending mode. This load, 
called the critical load, is considered the maximum load that can be safely 
carried by the column. 

Example 4.1. For a column with pin-connected ends and subjected to its crit­
icalload Per> show that 

P 
a) y" + k 2y = 0 for k 2 = -

EI 

7r2EI 
b) kl = 7r and that Pcr = [2' 

136 



Solution. 

x 

f 
r 

-Y 

t 
P 

(8) 
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x 

f Pcr 

rcr ! 

t 
Ib) Ie) 

a) From mechanics of materials, the moment in a beam is given as 

M = Ely" 

for the axes indicated in figure b. From figure c 

Equating the two 

Using P/EI = e 

M= -Py 

Ely" = -Py 

Ely" + Py = 0 

y" + (P/EI)y = 0 

y" + ey = 0 

b) For the differential equation y" + ey = 0, the end conditions are 

at x = 0, y = 0 

f 
at x = 2 y' = 0 (slope of beam) 
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The solution of the differential equation y" + ey = 0 is 

y = A cos kx + B sin kx 

at x = 0, y = A cos 0 + B sin 0 = 0 

cos 0 = I, sin 0 = O. Hence, A = 0 

y = B sin kx 

y' = kB cos kx 

At x = £/2, y' = O. Hence the second condition can be satisfied only if cos 
kl/2 = 0 or kl/2 = 7r /2, which gives 

or 

As developed above for a long column with pinned ends 

(4.1) 

where Pcr is the critical load, called the Euler load. Because the axial stressfa 

= PIA 

(4.2) 

and using ~ 1/ A = r (radius of gyration), we find 

(4.3) 

where Fe is Euler's stress. 
When we· graphically represent the ideal failure stresses (F F) of a column 
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Fig. 4.1. Detail of a wide-flange beam to pipe column connection. 

versus the ratio 1/ r (called slenderness) we obtain a curve made of the branches 
AB and BCD (see Fig. 4.2). 

The branch AB is where a column can be expected to fail by yielding (FF = 

Fy) and 

where (l/ r)* is the slenderness for which the Euler stress is equal to the yield 
stress. On branch BCD, the column can be expected to fail by elastic buckling 
with a failure stress 

where l/r > (l/r)* = 7r.JE/Fy. 
However, tests have shown that columns fail in the zone shaded in Fig. 4.2. 

This variation in failure stresses of test samples was originally attributed to 
imperfections in the columns, but it has been proven that residual stresses Cle­
ated this condition. The residual stresses are created by uneven cooling of rolled 
sections such as in wide flange sections where the tips of the flanges and the 
middle portion of the web cools much faster than the juncture of the web and 
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F A 
y 
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E8CO - Euler's turve 

F = ,,'E 
• (e/r)' 

A8 - F y yielding curve 

AGC - SSRC failure curve 

F. = Fy [l - t(~~n 

OL-________________ ~ ______ ~L_ ________________________ __ 

o ( h) 

Fig. 4.2. Slenderness versus failure stress curve. 

flanges. As a result of these observations, the Structural Stability Research 
Council (SSRC) has adopted the slenderness Cc to separate the elastic from the 
nonelastic buckling. Cc is the slenderness corresponding to FF = Fyl2 and is 
equal to 7r.J2EIFy. The branch AGC is a quadratic curve which fits the test 
results, has a value of F F = Fy and a horizontal tangent at I I r = 0, and matches 
Euler's curve at point C by having the same ordinate and the same tangent for 
llr = Ce · 

The branch CD is Euler's curve. Hence the failure stresses can be given by 

(4.4) 

(4.5) 

for llr ~ Cc-
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Example 4.2. Detennine the Euler stress and critical load for a pin-connected 
W 8 x 31 column with a length of 16 ft. E = 29,000 ksi. 

Solution. For a W 8 x 31 

A = 9.13 in.2 Ix = 110 in.4, Iy = 37.1 in.4, 

rx = 3.47 in., ry = 2.02 in. 

Iy and ry govern. 

7r2E ~ X 29,000 . 
Fe = (l/ri = (16 X 12)2 = 31.68 ks) 

2.02 

Per = A X Fe = 9.13 X 31.68 = 289.25 k 

Example 4.3. Detennine the Euler stress and critical load for the pin-con­
nected column as shown, with a length of 30 ft. E = 29,000 ksi. 

Solution. For a 2~ X 2~ X l in. angle 

A = 1.19 in.2, 1= 0.703 in.4, x = y = 0.717 in. 

Due to symmetry, y is 5 in. from the top or bottom. 

1=4 X (/0 + Ad2) = 4(0.703 + 1.19(5 - .717)2) 

1= 90.1 in.4 
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r = -B = J4 :0~\9 = 4.35 in. 

7r2E 7r2 x 29,000 . 
Fe = (l/r)2 = (30 X 12)2 = 41.80 kSI 

4.35 

Per = A X Fe = (4 X 1.19) X 41.80 = 199.0 k 

The critical load equation can also be obtained by transfonning the Euler stress 
equation 

7r2E 7r2EI 
P =AxF =Ax =--

er e (l/.J 1/ A)2 [2 

7r2 X 29,000 X 90.1 
P = = 199.0 k 

er (30 X 12)2 

Note: Euler stress and critical load are theoretical values. For actual allowable 
stresses of columns, see examples beginning with 4.6. 

Example 4.4. Detennine the Euler stress and critical load for the pin-con­
nected column as shown with a length of 30 ft. E = 29,000 ksi. 

Solution. For a W 10 X 26 

A = 7.61 in.2, Ix = 144 in.4, Iy = 14.1 in.4, d = 10.33 in., 

tw = 0.26 in. 

(7.61 X 1O~33) + 7.61 X (10.33 + 0.;6) 

y = ---------------- = 7.81 in. 
2 x 7.61 
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Ix = E/o + Ad2 = 1.44 + 7.61(7.81 - 5.17)2 + 14.1 

+ 7.61(10.46 - 5.17i = 424.1 in.4 

Iy = E/o = 144 + 14.1 = 158.1 in.4 (governs) 

least r = ~ = 
158.1 . 

2(7.61) = 3.22 lD. 

";'E ,,;. x 29,000 . 
Fe = (l/r)2 = (30 X 12)2 = 22.9 kSl 

3.22 

Per = A X Fe = (2 X 7.61) X 22.9ksi = 349k 

or 

P _ 1f2EI _ 1f2 X 29,000 X 158.1 _ 
er - 12 - (30 X l2i - 349 k 

4.2 EFFECTIVE LENGTHS 

Columns with supporting conditions other than pinned at both ends have critical 
loads different from Euler columns. 

Example 4.5. For the column conditions shown, prove that 

a) Per is four times the Per for the same pin-supported column. 
b) PeT is one-fourth that for the same pin-supported column. 
c) Per is two times the Per of the same pin-supported column. 

Note that the following problems can be solved exactly using analytical meth­
ods. What follows, however, is a heuristic approach to the solutions. 
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Solution. 

a) 

P Pcr Pcr 

l ~~ ~ 

1 £, /4 

Q, Q2 

J Q, /4 

tl t t 
P Pcr Pcr 

(a) (b) (e) 

Considering the deflected shape of the column fixed at both ends, we see that 
contraflexure points (i.e., points of zero moment which are equivalent to a hinge) 
occur at A and B. That portion of the column between A and B is the same as 
for a pin-ended column. Hence, from figure b: 

Defining K as the effective length factor, the above equation can be rewritten 
as 

p = 1f2EI = ~EI = 41f2EI 
cr (KI )2 1 (I )2 , 4 (1,)2 , 

with K = 0.5. Due to the term in the numerator, the capacity is four times the 
critical load of the pin-supported column. 
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b) 

P Pc, 

~ 

11 
t t 
P Pc, 

(d) (e) (f) 

By taking the symmetric portion of the deflected column DC in figure f, the 
column CD behaves as an Euler column of length 2/3 • 

The column of length C to D is the same as for a pin-ended column. Hence 

with 2 for the effective length factor. Due to the term in the denominator, the 
load capacity is one-fourth the critical load of the pin-supported column. 

c) 
P 

1 
~6 

J 
P Pc, 

(g) (h) 
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The distance EF is approximately 0.7 15' where F is the point of contraflexure. 
We then have 

with the effective length factor K = 0.7. The load capacity is approximately 2 
times the critical load of the pin-supported column. 

The values of K (effective length factor) above agree with the values found in 
Table 4.1. 

As seen in the above example, for a column with both ends fixed the critical 
load is 

Fer = (0.5 lid (4.6) 

Table 4.1. Effective Length Factor K Based on AISCS C2 (AISCS 
Commentary Table C-C2.1. reprinted with permission). 

(a) (b) (c) (d) (e) (f) 

a~ + I2~J + + + I::Za J, 
'-rJ p '-rJ 

I I I 
J 1\ I I 

I I I I J 
I I , \ I I 

Buckled shape of column I 
, 

I 
, , I 

is shown by dashed Ii ne I J I I , , 
I \ I 
I \ I , , I 
\ I I , I 
\ \ I I , 

~I I 

af af af 
+ 

at I~ 
Theoretical K value 0.5 0.7 1.0 1.0 2.0 2.0 

Recommended design 
value when ideal conditions 0.65 O.BO 1.2 1.0 2.10 2.0 
are approximated 

¥ Rotation fixed and translation fixed 

V Rotation free and translation fixed 
End condition code 

F7f Rotation fixed and translation free 

~ Rotation free and translation free 



and with one end fixed and the other pinned 

7r2E 
F = ----". 

cr (0.71/rf 

This leads to the development of the expression 

7r2E 
F =--

cr (Kl/d 
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(4.7) 

(4.8) 

where K, called the effective length factor, depends on the end connections of 
the column. 

Because the allowable axial stress for a column depends upon the slenderness 
ratio (l/r), the AISC allows the slenderness ratio to be modified by a factor K, 

Fig. 4.3. Erection of prefabricated, two-story column-and-beam system for the Sears Tower, Chi­
cago. Note reinforced openings in the beam webs for heating and cooling ducts. (Courtesy of U.S. 
Steel Corp.) 
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so that the allowable axial stress also depends upon the end conditions of the 
column. The effective length factor K can be obtained from Table C-C2.l of 
the AISC Commentary (reproduced as Table 4.1 here), and the value r for rolled 
sections can be found in the properties for designing tables. 

The AISC code in Specifications C2.1 and C2.2 allows for laterally braced 
frames the use of K = 1 as a conservative simplification, while for unbraced 
frames the use of analysis is suggested. This can be done by interpolation be­
tween appropriate cases of Table 4.1 or by a more precise approach, (see AISCS 
Commentary C2 pages 5-134 through 5-138 and AISCS Fig. C-C2.2). Deter­
mination of K for laterally unbraced frames is beyond the scope of this book 
and will not be discussed here. Examples are given on pages 3-4 through 3-7 
of the AISCM. 

Whether a column connection is pinned or fully fixed can not always be read­
ily determined. Quite often, connections meant to be fully fixed do not have 
full fixity due to improper detailing. In general, pinned column base connec­
tions have the base plate anchored to the foundation with bolts located at or 
near the centerline of the base plate, and pinned column-beam connections have 
the column connected to the beam web only (see Fig. 4.4, left). Column base 
plates for fixed columns usually have the anchor bolts near the column flanges, 
as far away from the centerline as practical and in fixed column-beam connec-

Fig. 4.4. Column connections. Left, pinned column base and pinned column-to-beam connection. 
Right, fixed column base and fixed column-to-beam connection. 
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tions the column flange is rigidly connected to the beam flanges (see Fig. 4.4, 
right). 

4.3 ALLOWABLE AXIAL STRESS 

AISCS E2 specifies the allowable axial compressive stress for members whose 
cross sections meet those of AISCS Table B5.1 (width-thickness ratios). When 
Kl / r, the largest effective slenderness ratio of any unbraced segment is less 
than Ce , (E2-1) governs: 

[ 1 _ (KI/r)2] 
2 C2 Fy 

F =' e 
a 5 3(KI/r) (KI/r)3 -+ ---

3 8 Ce 8 C~ 

(4.9) 

where Ce = .J27r2E / Fy • Referring to Section 4.1, the value Ce is the slenderness 
corresponding in Euler's curve to the stress Fy /2, as at a stress close to this 
one, Euler's curve and the SSRC curve match. When Kl/r exceeds Ceo (E2-2) 
governs: 

12 7r 2 E 
Fa = -23-(-K-I/-:-r-::-)2 (4.10) 

It should be noted that the denominator in eqn. (4.9) and the ratio H in eqn. 
(4.10) are the safety factors for the allowable compressive stresses, and the 
numerators are the failure stresses for the particular slenderness. For very short 
columns (Kl/r == 0), the safety factor is j (the same as for tension members) 
and is increased by 15 % to H as slenderness increases to when Kl/ r equals Ce 

and remains at H for Kl / r greater than Ceo The safety factor is increased as 
slenderness increases because slender columns are more sensitive to eccentric­
ities in loading and flaws in the steel itself than short columns. 

To determine the allowable axial compressive stress Fa without lengthy cal­
culations, the AISCS has established tables that give the allowable stress Fa as 
functions of Kl/ r values and yield stress of the steel. AISCM Tables C-36 and 
C-50 are provided for steels with Fy = 36 ksi and Fy = 50 ksi, respectively 
(see pages 3-16, 3-17). For other grades of steels, Tables 3 and 4 in the Nu­
merical Values Section (pages 5-119, 5-120) are needed. Figure 4.5 shows a 
graphical representation of the failure stresses and the allowable axial stress for 
Fy = 36 ksi and Fy = 50 ksi as a function of slenderness of the member. 

In AISCS B7, it is recommended that the slenderness ratio be limited to a 
value of 200. 
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Fig. 4.5. Slenderness curves for the most commonly used steels. Euler's curve for theoretical stress 
and SSRC curve for failure stress are also shown for comparison with the AISC specified curves 
for allowable stress. 

Example 4.6. Calculate Fallowable and Pallowable for a W 8 X 48 column with 
fixed ends and a length of 16 ft, 6 in. 

Solution. The effective length concept is used to equate framed compression 
member length to that of an equivalent pin-ended member. For this purpose, 
theoretical K values and suggested design values are tabulated in the AISC 
Commentary (see Table 4.1) 

K = 0.65 (AISCS Table C-C2.1) 

ry = 2.08 in. (minimum r) 

Kl = 0.65 X (16.5 X 12) = 61.88 
r 2.08 
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21r 2 29, ()()() 
36 = 126.1 (AISCS E2 or Numerical Values 

Table 4, p. 5-120) 

61.88 < 126.1 

Because the slenderness ratio is less than Cn AISC eqn. (E2-1) is to be used: 

[ 1 - (KI/dJF 
2C~ y 

F - --=------=---"""7 
a - 5 3(KI/r) (KI/r)3 

-+ ---
3 8Cc 8C~ 

[ (61.88)2 J 
1 - 2(126.1)2 X 36.0 

Fa = 5 3(61.88) (61.88)3 = 17.25 ksi 
-+ -
3 8(126.1) 8(126.1)3 

A = 14.1 in.2 

(or from Table C-36 
by interpolation) 

Pall = Fax A = 17.25 ksi X 14.1 in.2 = 243.2 k 

Example 4.7. Calculate the allowable stress Fa and allowable load for a W 8 
X 48 column with one end fixed and one end pinned with a length of 35 ft. 

Solution. 

K = 0.80 

ry = 2.08 in. (minimum r) 

Cc = 126.1 (from Example 4.6) 

Kl 0.80 X (35 x 12) 
--; = 2.08 = 161.54 

161.54 > 126.1 

For slenderness ratios greater than Cc' AISC eqn. (E2-2) is to be used (AISCS 
E2). 
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121("2£ 

Fa = (Kl)2 
23 -

r 

12 X 1("2 X 29,000 = 5.72 ksi (or from Table C-36 by interpolation) 
23 X (161.54)2 

A = 14.1 in.2 

P = Fax A = 5.72 ksi X 14.1 in.2 = 80.7 k 

Example 4.8. Using the AISC table for allowable stress for compression mem­
bers of 36-ksi yield stress, determine the allowable load a W 10 X 77 can 
support with a length of 16 ft and pinned ends. 

Solution. 

K = 1.0 

ry = 2.60 in. (minimum r) 

Kl = 1.0 X 16.0 X 12 = 73.85 
r 2.60 

Fa = 16.01 ksi (~l = 74) (AISC Table C-36) 

Pall = Fax A = 16.01 X 22.6 = 361.8 k 

Example 4.9. Determine the allowable load a W 12 X 65 can support with a 
length of 20 ft and pinned ends. 

Solution. 

K = 1.0 

ry = 3.02 in. 

Kl 1.0 X 20 ft X 12 in. 1ft 
- = = 7947 
r 3.02 in. . 

Fa = 15.42 ksi (AISC Table C-36) 

Pall = Fax A = 15.42 ksi X 19.1 in.2 = 294.5 k 
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Example 4.10. Detennine the allowable load a W 10 x 49 can support with a 
length of 24 ft, 6 in. One end is fixed and the other pinned. Steel yield stress 
Fy = 50 ksi. 

Solution. 

K = 0.80 

ry = 2.54 in. 

Kl 
r 

0.80 x 24.5 x 12 ------ = 92.6 
2.54 

Fa = 16.37 ksi (AISC Table C-50) 

Pall = FaX A = 16.37 ksi x 14.4 in. 2 = 235.73 k 

4.4 DESIGN OFAXIALL V LOADED COLUMNS 

The following procedure can be used to design an axially loaded column with­
out design-aid tables: 

1. Detennine the effective length factor K from Table 4.1. 
2. Selecting an arbitrary r, obtain Kl / rand detennine the corresponding al­

lowable axial stress Fa from AISCM Tables C-36 or C-50 or from AISCS 
eqn. (E2-I) or (E2-2). 

3. Detennine the required area (A = P / Fa), and select an appropriate rolled 
section. 

4. Recalculate the actual slenderness ratios of the selected section with re­
spect to the x and y axes and the corresponding Fa values. 

5. Repeat the above process until satisfactory convergence has been ob­
tained. 

When detennining the slenderness ratio of a column, the radii of gyration for 
the x and y directions, as well as the respective unsupported lengths, must be 
obtained. The value Kl/ r must be calculated for both x and y directions, and 
the larger of the two values shall be used for detennining the allowable com­
pressive stress Fa. In addition, the AISC has allowable concentric load tables, 
starting on p. 3-19, which can be used to detennine the capacity of a column 
for a given effective length based on the provisions in AISCS E2. 



154 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

Example 4.11. Design a W 14 column pinned at both ends to support an axial 
load of 610 kips. Lx = Ly = 21 ft, 6 in. 

Solution. 

K = 1.0 

Kl 
Assume - = 70 

r 

Fa = 16.43 ksi 

p 610 k . 2 

Areq = Fa = 16.43 ksi = 37.13 In. 

Try W 14 X 120 

A = 35.3 in. 2 , rx = 6.24 in., ry = 3.74 in. 

Since Lx = Ly, ry governs 

Klx __ 1.0 X 21.5 X 12 3 ------ = 41 5 
rx 6.24 in. . 

Kly 
-= 1.0 X 21.5 X 12 6898 

3 7 . =. (governs) 
.4 In. 

Fa = 16.53 ksi 

p 610 k . 2 
Areq = - = 6 3 . = 36.90 In. 

Fa 1.5 kSI 

36.90 in. 2 > 35.2 in. 2 Try next heaviest section 

Try W 14 X 132 

A = 38.8 in. 2, rx = 6.28 in., ry = 3.76 in. 

Kly 1.0 X 21.5 X 12 686 .. 1 - = = (cntIca) 
ry 3.76 in. . 

Fa = 16.59 ksi 



fa = 3 610. k 2 = 15.72 ksi < 16.59 ksi 
8.8 m. 

Use W 14 X 132. 
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Using the allowable load tables for a W 14, for KLy = 21 ft, 6 in., use a W 14 
x 132 which has a capacity of 643 k (by interpolation). 

Example 4.12. Select the lightest W section for a column supporting a 300-
kip load, fixed at the bottom and pinned at the top. Lx = Ly = 17 ft, 6 in. Refer 
to AISC columns tables. 

Solution. 

K = 0.80 (AISC Table C-C2.1) 

KL = 0.80 X 17.5 ft = 14.0 

W shapes capable of supporting the load: 

W 8 x 67, P = 304 k 

W 10 X 68, P = 339 k 

W 12 x 65, P = 341 k 

W 14 x 68, P = 332 k 

Note: W 10 x 60 and W 14 x 62 may be considered satisfactory, as they are 
only 1 % overstressed with P = 297 k. 

Use W 12 x 65 (lightest section) or W 10 x 60 if a slight overstress is per­
missible. 

Example 4.13. Select the lightest pipe or square structural tube for P = 300 
kips and Lx = Ly = 14 ft, 0 in. 

Solution. 

10 x 10 x 3/8 x 47.90 lb/ft square tube (P = 332 k) 

8 x 8 x 1/2 x 48.85Ib/ft square tube (P = 315 k) 

10 cP x 54.74 lb/ft extra strong steel pipe (P = 301 k) 

8 cP x 72.42 lb/ft double-extra strong steel pipe (P = 369 k) 

Use 10 x 10 x 3/8 square tube, 47.90 lb/ft. 
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Example 4.14. Design the lightest W 12 column for an axial load of 350 kips. 
The column is pinned at the bottom and fixed at the top, but subject to sway in 
the x and y directions. L< = 22 ft, 0 in., Ly = 11 ft, 0 in. 

Solution. Assume Kl / r = 70, K = 2.0 

Fa = 16.43 ksi 

P 350 k . 2 

Areq = Fa = 16.43 ksi = 21.30 Ill. 

Try W 12 X 72 

A = 21.1 in. 2, rx = 5.31 in., ry = 3.04 in. 

Kx1x 2.0 X (22.0 X 12) 994 ) 
- = = . (governs 

rx 5.31 

Kyly = 2.0 X (11.0 X 12) = 86.8 
ry 3.04 

Fa = 13.05 ksi 

350 k 
Areq = = 26.82 in. 2 > 21.1 in.2 N.G. 

13.05 ksi 

Try W 12 X 87 

A = 25.6 in. 2 rx = 5.38 in., ry = 3.07 in. 

Kx1x 2.0 X (22.0 X 12) - = = 98.1 (governs) 
rx 5.38 

Kyly 2.0 X (11.0 X 12) 
- = = 86.0 

ry 3.07 

Fa = 13.22 ksi 

Areq = 350 k = 26.48 in. 2 > 25.6 in.2 N.G. 
13.22 ksi 

By inspection, a W 12 X 96 will be adequate because of the small overstress 
of the W 12 X 87, as shown above. 
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As an alternate approach, use the column load tables as provided in the 
AISCM. For a W 12 with P = 350 k and KyLy = 2 X 11 = 22 ft, choose a 
W 12 X 87 which can adequately support 376 k for the weak direction. How­
ever, since KxLx = 2 X 22 = 44 ft is greater than KyLy, the strong axis may 
govern. By dividing KxLx by the ratio rx/ry (given in the column tables), we 
obtain the equivalent length in the y direction of KxLx: 

For this length, a W 12 X 87 can support a load of only 340 k, which is less 
than 350 k, which is no good. Therefore, a W 12 X 96 should be used, since 
it can carry 376 k for a length of 25 ft. 

Note that the allowable concentric load tables can be used for steels with Fy 
= 36 ksi and Fy = 50 ksi (shaded). In general, to use these tables, the following 
procedure must be used: 

I. Determine the effective length factor K from AISCM Table C-C2.1, and 
calculate the effective length KL in feet, for the y direction. 

2. From the tables, select an appropriate section based on the effective length 
and the axial load P. 

3. Dividing the effective length KxLx by the value rx / ry of the selected sec­
tion, obtain the effective length with respect to the minor axis equivalent 
in load-carrying capacity to the actual effective length about the major 
axis. The column then must be designed for the larger of the two effective 
lengths KyLy or KxLx / (rx / ry). 

Example 4.15. Design the column shown using the AISC column tables. 

Lx =21'-0" 
Ly = 7'-0" 

200 kip 

~ 

W8 

t 
200 kip 
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Solution. 

K = 1.0 

KLy = 1.0 x 7.0 ft = 7.0 ft (weak direction) 

For (KL) = 7 ft and loading of 200 kips, select W 8 x 40, which can carry 
223 kips and has rx/ry = 1.73 

_Lx __ 21 ft __ 
12.14 ft 

1.73 

From the same table, for (KL) = 12.14 ft and P = 200 kips, a W 8 x 48 is 
needed. Use W 8 x 48. 

Example 4.16. Design a W 10 column pinned at top and bottom to support an 
axial load of 200 kips. Lx = 14 ft, 0 in., Lv = 7 ft, 0 in. 

Solution. 

Try W 10 x 45 

K = Kx = Ky = 1.0 

Kl 
Assume - = 70 

r 

Fa = 16.4 ksi 

P 200 k 
Areq = - = 12.2 in. 2 

Fa 16.4 ksi 

A = 13.3 in. 2, rx = 4.32 in., ry = 2.01 in. 

Klx = 1.0 x 14 X 12 = 38.9 
rx 4.32 

Kly 1.0 X 7 X 12 
- = = 41.8 (governs) 
ry 2.01 

Fa = 19.05 ksi 

P 200 k . 2 
Areq = - = . = 10.50 m. 

Fa 19.05 kSI 

10.50 in. 2 < 13.3 in. 2 Try the next lighter section. 



Try W 10 x 39 

A = 11.5 in. 2 , rx = 4.27 in., ry = 1.98 in. 

Klx = 1.0 X 14 x 12 = 39.3 
rx 4.27 

Kly 1.0 X 7 X 12 
- = = 42.4 (critical) 
ry 1.98 

Fa = 19.0 ksi 

200 k 
fa = 5' 2 = 17.4 ksi < 19.0 ksi 

11. m. 

We note that if W 10 X 33, the next lighter section, is used 

A = 9.71 in. 2 

fa = 200.k 2 = 20.60 ksi > 19.0 ksi N.G. 
9.71 m. 

Use W 10 x 39. 
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Example 4.17. Select the lightest column from AISCM columns tables for Kx 
= 2.0, Ky = 1.2, Lx = 18.0 ft, Ly = 12.5 ft, Fy = 50 ksi, and P = 470 kips. 

Solution. 

KyLy = 1.2 x 12.5 ft = 15.0 ft 

Try W 10 x 77; rx/ry = 1.73 

KxLx _ 2.0 x 18.0 ft = 20.8 ft 
rx/ry - 1.73 

Redesigning for (KL) = 20.8 ft, select W 10 x 100. 

Try W 12 x 72, rx/ry = 1.75 

KxLx = 2.0 x 18.0 ft = 20.6 ft 
rx/ry 1.75 

Redesigning for (KL) = 20.6 ft, select W 12 x 87. 
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Try W 14 x 82, rx/ry = 2.44 

KxLx = 2.0 x 18.0 ft = 14.8 ft < 15.0 ft 
rx/ry 2.44 

We see then that W 14 X 82 is satisfactory. 

W 14 x 82 is the lightest satisfactory section. 

Example 4.18. Find the allowable load a lO-in. standard steel pipe can support 
with a length of 20 ft and pinned ends. 

Solution. 

Kl 
r 

K = 1.0 

r = 3.67 in. 

A = 11.9 in. 2 

1.0 x 20 x 12 _ 5 
3.67 - 6 .4 

Fa = 16.9 ksi 

Pall = Fax A = 16.9 x 11.9 = 201 k 

Alternatively, use AISCM design tables: 

From page 3-36, for lO-in. standard pipe with KL = 20 ft, read P = 201 k. 

Example 4.19. Determine what compressive load a bracing member made up 
of two angles 4 X 3 x ~ (long legs back to back) separated by a ~-in. plate can 
carry when L = 20 ft, 0 in. Also, determine the location of the intermediate 
connectors. Assume pinned ends. 

Solution. For double angle and WT compressive members, allowable concen­
tric loads are tabulated in Part 3 of the AISCM (see pp. 3-59ff'}. The allowable 
compressive loads about the X-X axis are determined in accordance with AISCS 
E2; about the Y-Y axis, the allowable loads are based on flexural-torsional buck­
ling (p. 3-53). The derivation of these critical loads is beyond the scope of this 
text. 



For the 2IA x 3 x ~: 

KLx = 1 x 20 = 20 ft, Per = 20 k (governs) 

KLy = 1 x 20 = 20 ft, Per = 22 k 

d· I . KLx The correspon mg s enderness ratIo = -
rx 
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20 x 12 = 190.5 
1.26 

Along the length of the built-up compression member, intermediate connec­
tors should be provided at a spacing a, such that the slenderness ratio Ka / r of 
each component does not exceed l times the governing slenderness ratio of the 
built-up member (AISCS E4). The smallest radius of gyration r should be used 
when computing the slenderness ratio of each component. 

For a single IA X 3 x t rmin = rz = 0.644 in. 

Ka s 0.75 KLx = 0.75 x 190.5 = 142.9 
rz rx 

a = spacing between fully tensioned, high-strength bolts or welds 
(in this case, high-strength bolts) 

= 142.9 x 0.644 in. = 92 in. = 7.67 ft 

Therefore, provide two connectors, one at each of the 1 points along the length 
of the brace. Note that this satisfies the requirement for the minimum number 
of connectors that must be provided. 

Note: The design of single-angle compression members will not be discussed 
here, as the construction of such struts is for all practical purposes infeasible. 
See p. 3-55 of the AISCM and Sect. 4 of the Specification for Single-Angle 
Members (p. 5-310) for further discussion. 

Example 4.20. Determine the allowable load a WT 4 x 14 can carry if it is 
pinned at both ends and is 8 ft, 0 in. 

Solution. From page 3-105 of the AISCM: 

KLx = 1 x 8 = 8 ft, Per = 56 k (governs) 

KLy = 1 x 8 = 8 ft, Per = 72 k 
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4.5. COMBINED STRESSES 

Example 4.21. The top chord of a bridge truss is shown in the accompanying 
figure. Determine the maximum stresses at the extreme fibers of this member 
if it is subjected to a moment of 15 ft-k about the x axis and an axial compres­
sion of 100 kips. 

Itt' x 10" y 

C6Xl0.5 

x ---Ift----- ---H---x 

y 

Solution. 

Achannel = 3.09 in. 2 

Aplate = 5.0 in. 2 

Ie = 15.2 in.4 

de = 6 in. 

_ (0.5 in. X 10 in.) X 6.25 in. + 2(3.09 in.2 X 3.0 in.) 
y = 5.0 in.2 + 2(3.09 in.2) 

= 4.45 in. from bottom 

Ix = EIo + Ad2 = 1O~0;5)3 + 5(6.25 - 4.45)2 + 2(15.2) 

+ 2(3.09)(3 - 4.45)2 = 59.7 in.4 

Combined stress at top = - P / A - Me / I (- stress indicates compression) 

__ -_1_00 ___ (15 X 12) (6.5 - 4.45) = -15.13 ksi 
5.0 + 2(3.09) 59.7 

Combined stress at bottom = - P / A + Me / I 

-100 + (15 X 12)(4.45) = 4.47 ksi 
5.0 + 2(3.09) 59.7 
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From the preceding example, we can see that the actual calculated stresses fr 
= -15.13 ksi andfb = +4.47 ksi can be obtained from the strength of mate­
rials. However, this approach cannot be used to design the member, since Fb 
can vary from a minimum of 0.6 Fy or less to a maximum of 0.75 Fy- Similarly, 
Fa can vary from almost a nominal zero value to a maximum of 0.6 Fy- In order 
to take care of these different stresses and to determine the capacity of the mem­
ber (i.e., design), the following approach has been devised. 

When a straight member is subjected to a significant bending stress as well 
as a compressive stress, the member is sometimes referred to as a beam-column. 
The bending stress may be caused by 1) eccentric application of an axial load, 
2) applied end moments, or 3) lateral loads such as wind forces. 

A beam-column carrying some given moments deflects laterally more than a 
beam carrying the same moments because of the presence of the axial load. As 
the axial load is gradually increased, the deflection increases at a much faster 
rate, since the increase in moment depends not only on the increased axial load 
but also on the increased eccentricity (moment arm) caused by the increased 
load. Thus, a beam-column fails due to instability caused by excessive bending. 

The increase in deflection due to the axial load increases the bending stress 
Ib, which, in effect, requires it to be amplified by the factor 

1 
(4.11) 

wherefa = computed axial stress and Fe = Euler stress for a prismatic member. 
For safety reasons, the Euler stress Fe is divided by the same factor of safety 
for the axial load and is commonly represented by F;. 

Considering the effects of the moments on the beam-column, as mentioned 
previously, the moments can usually be applied in two different ways: 1) at the 
ends of the column (frame action) or 2) via transverse loading. The moments 
applied at the ends of the column will bend the member in either a single or a 
double curvature. Transverse loadings can be applied to the member in many 
different ways: distributed loads, concentrated loads, etc. To compensate for 
these effects, the constant Cm is introduced, which modifies the amplification 
factor given in eqn. (4.11) above. The appropriate values for Cm are given in 
AISCS HI; further discussion can be seen in Commentary section HI. 

If the allowable axial stress Fa were equal to the allowable bending stress Fb , 

the capacity of the column could be represented by 

(4. 12a) 

where F = Fa = Fb . Dividing through by F, we can write 
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(4.12b) 

Since Fa and Fb are not necessarily equal, these allowable values should be 
introduced in the proper places in the above inequality: 

(4.13) 

which shows that the fraction of the capacity used by the axial load (la/Fa) 
plus the same for bending (fb / F b) must be s 1. If biaxial loading is considered, 
then 

(4.14) 

which is (Hl-3) in AISCS HI. This equation is valid in the case of small axial 
loads, i.e., la/Fa S 0.15. 

When the axial load produces a stress such that la/Fa > 0.15, the bending 
stresses have to be modified to account for the secondary bending moments, as 
discussed previously. This can be seen in (HI-I): 

1.0 (4.15) 

For the case when significant axial loads with moments applied at the supports 
are considered, the code requires that (HI-2) be satisfied: 

(4.16) 

Thus, it can be seen from this last equation that the effects of slenderness and 
the second-order moments are omitted for this case. 

For the benefit of the reader, all ofthe quantities used in eqns. (4.14) through 
(4.16) will now be defined: 

Fa = allowable axial stress if axial force alone existed, ksi. 
Fb = allowable compressive bending stress if bending moment alone ex­

isted, ksi. The reader is advised to determine the values of Fb carefully, 
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as they may vary from a value close to zero up to 0.75 Fy , depending 
on the direction of bending, the locations of lateral support, etc. (see 
Chapter 2). 

121/"2 E . . . 
F; = 23 I / 2 = Euler stress dIVIded by a factor of safety, ksl. The quan­

(1G b rb) 
tities lb and rb are the actual unbraced length and corresponding radius 
of gyration in the plane of bending, respectively. K is the effective 

~bT ~eALt.D -- l 
I I I , 
I I I I 
I I / I 

I / / 

a. em = 0.85 for all the columns (subparagraph (a)). 

~ .------------,r-----------~----~------~--

~ 

~ 

'/ 

/ 

Cm = 0.85 

Subparagraph: (c) i (b) (b) (c)ii 

Cm =0.6-0.4 (:J where (:;) is the ratio of the smaller 

to the larger of Mtop and Mbot. 

single curvature reverse (double) curvature 

b. 

Fig. 4.6. Values of em for compression members in frames (AISCS HI): (a) not braced against 
sides way • (b) braced against sidesway. 
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length factor in the plane of bending. Note that the increases of the 
allowable stresses for wind and seismic loads (Sect. 0.2) apply here to 
Fa' Fb , 0.6 Fy , and F;. 

fa = computed axial stress, ksi. 
fb = computed compressive bending stress at the point under consideration, 

ksi. 
em = coefficient as defined in AISCS HI under subparagraphs (a), (b), and 

(c) and represented in Fig. 4.6. 

Example 4.22. For the column shown, determine if this member is satisfac­
tory. The column is from part of a building where sidesway is prevented, and 
the member is bending about the major axis. 

150 ft.·kip 

W 14 X 233, 

1000 kip 

Solution. For a W 14 X 233 

A = 68.5 in. 2 , Sx = 375 in. 3, rx = 6.63 -in., ry = 4.10 in. 

Lc = 16.8 ft, Lu = 78.5 ft, K = 1.0 (AISCS C2.1) 

Kl 1.0 X 18.0 ft X 12 in./ft 
ry = 4.10 = 52.68 

Fa = 18.11 ksi (AISC Table C-36) 
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P 1000 k 
Ia = A = 68.5 in.2 = 14.60 ksi 

14.60 ksi 
la/Fa = 18.11 ksi = 0.806 > 0.15 

AISC fonnulas (HI-I) and (HI-2) must be satisfied: 

Lc < L < Lu Fbx = 0.6 x Fy = 22.0 ksi 

Mmax 200 ft-k x 12 in./ft . 
fbmax = T = 375 in.3 = 6.4 kSl 

( 150 ft-k) 
Cmx = 0.6 - 0.4 200 ft-k = 0.30 (AISCS HI, subparagraph (b)) 

121r2(29,OOO) = 140.5 ksi 

23 (1.0(18 x 12))2 
6.63 

Note that this value could have also been obtained in Table 8 of the Numerical 
Values section, p. 5-122. Also, the value of F:'" can be obtained from the bottom 
of the column load tables. For the W 14 x 233 (p. 3-21): 

F:"'(KxLx)2 = 456 k 
1& 

F' = 456 x 100 = 140.7 ksi 
ex (1.0 X 18)2 

fa + Cmxfb~ :s; 1.0 (AISCS HI-I) 
Fa (1 - (Ia/ F ex))Fbx 

14.6 0.3 X 6.4 0 9 0 k 
18.11 + (1 - (14.6/140.5)) X 22.0 = . < 1. 0 

~ + fbx :s; 1.0 
0.6 Fy Fbx 

(AISCS HI-2) 

14.6 + 6.4 = 0.95 < 1.0 ok 
22.0 22.0 

The W 4 X 223 column is satisfactory. 
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Example 4.23. Check the adequacy of the column shown below. The column 
is braced against sidesway. 

W 8 X 48 

12 ft. 

Solution. For a W 8 X 48 

A = 14.1 in. 2 , Sx = 43.3 in. 3 , rx = 3.61 in., ry = 2.08 in. 

Lc = 8.6 ft, Lu = 30.3 ft, K = 1.0 

Kl 1.0 X 12ft X 12in./ft 
. = 69.2 

2.08 m. 

Fa = 16.51 ksi 

100 k 
fa = 2 = 7.09 ksi 

14.1 in. 

fa 7.09 . 
- = -- = 0.43 > 0.15 :. (HI-I) and (Hl-2) applIcable 
Fa 16.51 

Fbx = 22 ksi 

Mx = 100 k X 6 in. = 600 in.-k 

600 . 
fi = - = 13.86 kSI 

bx 43.3 

Cmx = 0.6 - 0.4(3%) = 0.6 
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Kl __ 1.0 x 12 x 12 __ 39.9, 
rx 3.61 

F;" = 93.75 ksi 

7.09 0.6 x 13.86 
(HI-I): 16.51 + [ _ ( 7.09)] = 0.43 + 0.41 = 0.84 < 1 ok 

1 93.75 22 

7.09 13.86 
(Hl-2): 22 + -n = 0.32 + 0.63 = 0.95 < 1 ok 

The W 8 x 48 is adequate. 

Example 4.24. Design a W 14 column for an axial load of 300 kips and the 
moments shown below. 

Mx = 200 ft-kip ,-... My~-kiP 

~ '-'" 
Mx = 120 ft-kip My = 60 ft-kip 

Solution. 

To begin the design, the values of Cmx and Cmy are determined: 

M) 
Cm = 0.60 - 0.40 M2 

120 
Cmx = 0.60 - 0.40 200 = 0.36 

-60 
Cmy = 0.60 - 0.40 80 = 0.90 
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The design of a column subjected to axial and flexural loads is an iterative 
process which begins by choosing an initial column size and then checking it. 
To facilitate the design of these members, the modified versions of eqns. (HI-I), 
(HI-2), and (HI-3) on p. 3-9 of the AISCM can be used. These modified for­
mulas convert the applied moments into equivalent axial loads pi by using coef­
ficients Bx, By, ax, and ay found in the column tables starting on p. 3-19. The 
equivalent axial load pi, when added to the actual load P, will give the total 
load which the column must resist; the column size can then be selected from 
the column load tables and checked. This process must repeated until a satis­
factory column size is obtained. 

The initial selection of the column size for this problem will be done by using 
Table B on p. 3-10 as follows: 

• First Trial: 

In the first trial, always take U = 3.0. The values of m are given for Cm 

0.85; when Cm is other than 0.85, multiply the tabular values of m by Cm /0.85. 
From Table B, the value of m for Cm = 0.85 is 2.1 for the first approximation. 

[ 0.36] [ 0.90] 
Peff = 300 + 200 X 2.1 X 0.85 + 80 X 2.1 X 3 X 0.85 = 1012 k 

Note that in the above equation that Mx and My are given in ft-k, and the loads 
in kips. 

From the column load tables, select W 14 X 193 (P = 1025 k for KL = 18 
ft). 

• Second Trial (W 14 X 193) 

m = 1.7 (p. 3-10) 

U = 2.29 (p. 3-22) 

[ 0.36] [ 0.90] 
P eff = 300 + 200 X 1.7 X 0.85 + 80 X 1.7 X 2.29 X 0.85 

= 774 k < 1025 k ok 

W 14 X 193 is adequate; however, try to obtain a more economical section. 

• Third Trial (W 14 X 159, P = 840 k) 

Refine by using modified equation (HI-I), (HI-2), or (HI-3) (AISCM, p. 3-9). 



Lc = 16.4 ft < L = 18.0 ft < Lu = 57.2 ft 

Fbx = 0.60 Fy = 22.0 ksi 

Fby = 0.75 Fy = 27.0 ksi 
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A = 46.7 in.2, Sx = 254 in. 3, rx = 6.38 in., Sy = 96.2 in. 3 , 

ry = 4.0 in. 

Bx = 0.184, By = 0.485, ax = 283 X 106, ay = 111 X 106 

Klx __ 1.0 X (18 X 12) __ 33.8, 
rx 6.38 

Kly = 1.0 X (18 X 12) = 54.0, 
ry 4.00 

fa = 300 k 2 = 6.42 ksi 
46.7 in. 

fa = 6.42 kSi. = 0.36 > 0.15 
Fa 17.99 ksl 

F:'" = 130.80 ksi 

Fa = 17.99 ksi 

F~ = 51.21 ksi 

Use modified fonnula (HI-I) (AISCM p. 3-9): 

P + [BxMxCnu(::)Cx _ a;(Kli)] + [ByMyCmy(::JCy _ a;(Kl)2)] 

= 300 + (0.184 X 200 X 12 X 0.36 

17.99 283 X 106 ) x--x 
22 283 X 106 - 300(18 X 12i 

( 17.99 
+ 0.485 x 80 x 12 x 0.90 x ----:r7 

x III X 106 ) = 756 k 
111 x 106 - 300(18 X 12)2 

Equivalent load = 756 k < 840 k ok 

Verify the modified fonnula (HI-2): 
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p(o.:; FJ + [BxMx(::J] + [ByMy(::J] 

= 300C~;9) + lO.I84 x 200 x 12 x 1~.:9] 

[ 17.99] + 0.485 x 80 x 12 x ----rl = 916.7 k 

Equivalent load = 916.7 k > 840 k N.G. 

TryW 14 x 176 

A = 51.8 in. 2 , Sx = 281 in. 3, rx = 6.43 in., 

Sy = 107 in. 3 , ry = 4.02 in. 

Because the lighter section satisfies all conditions except fonnula (HI-2), we 
need verify only the one equation 

Since Lc = 16.5 ft < L = 18.0 ft < Lu = 62.6 ft 

Use W 14 X 176. 

Fbx = 0.60 F.y = 22 ksi 

Fby = 0.75 Fy = 27 ksi 

I" 300 k . 
J a = 5 . 2 = 5.79 kSl 

1.8 In. 

fi = 200 ft-k x 12 in. 1ft = 8.54 ksi 
bx 281 in. 3 

fi = 80 ft-k X 12 in./ft = 8.97 ksi by 107 in. 3 

5.79 + 8.54 + 8.97 = 0.98 < 1.0 ok 
22.0 22.0 27.0 

Example 4.25. Solve Example 4.24 if the axial loads and moments are due to 
gravity and wind loads. 

In Example 4.24, the first trial Peff was calculated to be 1012 k. Here, instead 
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of increasing the allowable stresses by!, we will divide the load by j, which 
yields 0.75 x 1012 k = 759 k. From the column load tables, try W 14 x 
145 (P = 767 k): 

m = 1.7, U = 2.34 

Peff = 0.75 x {3oo + [200 x 1.7 x (0.36/0.85)] 

+ [80 x 1.7 x 2.34 x (0.9/0.85)]} 

= 0.75 x 781 = 586k 

Try W 14 x 109 (P = 564 k) 

Refine by use of modified equations (HI-I), (HI-2), and (HI-3): 

Lc = 15.4 ft, Lu = 40.6 ft 

Fbx = 0.6 x 36 = 22 ksi, Fby = 0.75 x 36 = 27 ksi 

A = 32.0 in. 2, Bx = 0.185, By = 0.523 

ax = 184.5 X 106, ay = 66.3 X 106 

F:'" = [401/(18)2] x 100 = 123.8 ksi 

F;y = [144/(18)2] X 100 = 44.4 ksi 

KLy/ry = 18 x 12/3.73 = 57.9 

Fa = 17.63 ksi 

fa = 300 k/32 in.2 = 9.4 ksi 

fa/Fa = 0.53 > 0.15 

Use modified fonnula (HI-I): 

( l 17.63 0.75 t3oo + 0.185 x 200 x 12 x 0.36 x 22 

184.5 X 106 ] 

x 184.5 X 106 - 0.75 x 300 x (18 X 12)2 

l 17.63 
+ 0.523 x 80 x 12 x 0.9 x -rJ 

66.3 X 106 ]] 
x 66.3 X 106 - 0.75 x 300 x (18 X 12)2 

= 0.75 x (300 + 135.8 + 350.6) = 589.8 k > 564 k N.G. 
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Try W 14 x 120 (P = 623 k) 

We will check this column by using eqns. (4.15) and (4.16): 

A = 35.3 in.2 , Sx = 190 in. 3 , rx = 6.24 in., Sy = 67.5 in. 3 , 

ry = 3.74 in., Lc = 15.5 ft, Lu = 44.1 ft 

(KL/r)x = 18 X 12/6.24 = 34.6 

(KL/r)y = 18 x 12/3.74 = 57.8 

Fa = 17.64 ksi 

F;x = 124.8 ksi 

F;y = 44.7 ksi 

fa = 300 k/35.3 in. 2 = 8.5 ksi 

fa/Fa = 8.5/17.64 = 0.48 > 0.15 

fbx = 200 X 12/190 = 12.6 ksi 

fby = 80 X 12/67.5 = 14.2 ksi 

Fbx = 22 ksi, Fby = 27 ksi 

8.5 0.36 X 12.6 
(4.15): + ----------

1.33 X 17.64 l 85 J 
(1.33 X 22) 1 - 1.33 ~ 124.8 

0.9 X 14.2 
+ ----------------------

(1.33 X 27) II -1.33 8~5 44.7 J 

= 0.36 + 0.16 + 0.42 = 0.94 < 1 ok 

8.5 12.6 14.2 
(4.16): 1.33 X 22 + 1.33 X 22 + 1.33 X 27 

= 0.29 + 0.43 + 0.40 = 1.12 N.G. 

The reader can verify that a W 14 X 132 is adequate. 

Example 4.26. Assuming that sides way is prevented, select a W 10 column 
for the situation shown below, when the bending occurs about the strong axis. 
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200 kip 

) 40 ft.-kip 

15' 

') 80 ft.-kip 

t 
200 kip 

Solution. 

em = 0.6 - 0.4(M1/M2) = 0.6 - 0.4 ( ~~O) = 0.8 

K = 1.0 

KL = 15.0 ft 

0.8 
m = 2.2 x - = 2.1 

0.85 

Peff = 200 + (80 x 2.1) = 368 k 

Try W 10 x 77 (P = 373 k for KL = 15 ft) 

0.8 
m = 2.45 x 0.85 = 2.3 

Peff = 200 + (80 x 2.3) = 384 k 

Check the W 10 x 77 with the modified equations: 

A = 22.6 in. 2 , Bx = 0.263, ax = 67.9 X 106, ry = 2.6 in. 

K/ = 1.0 x 1.80 in. = 69.23 
r 2.6 In. 

Fa = 16.51 ksi 

fa = ~~ = 8.85 ksi 

fa = 0.54 > 0.15 
Fa 
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. 16.51 
ReqUired load = 200 + 0.263 X (80 x 12) X 0.8 X --0 

22. 

67.9 X 106 
X --------~--------------~ 

(67.9 X 106) - 200 X (1.0 X 180)2 

= 367.6 < 373 for W 10 X 77 ok 

, Fa Fa 
p + Px = P-06 + BxMx -F . Fy bx 

. (16.51) (16.51) ReqUIred load = 200 22.0 + 0.263 X (80 X 12) 22.0 

= 339.6 k < 373 k for W 10 X 77 ok 

UseW 10 X 77. 

Example 4.27. Check the adequacy of the ! X 6 in. plate subjected to the 
loads shown below. The 30-kip tensile load acts through the centroid of the 
member. 

30 K 

} 

-
~ 

iin.-......... - ~ 
~ 

~ 

~ 

7 ft. ~ 251b/ft 

~ 

~ 

~ 

~ 

~ 

~ 

30K 

Solution. When a member is subjected to both an axial tensile stress and a 
flexural stress, the axial tension tends to reduce the bending compressive stress; 
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the secondary moment caused by the axial load is in the opposite direction to 
the applied moment. Since the primary moment is not amplified, AISCS H2 
requires that (H2-1) be satisfied: 

where fa = computed axial tensile stress, ksi 
fb = computed bending tensile stress, ksi 
Ft = allowable tensile stress, ksi (see Chapter 1) 
Fb = allowable bending stress, ksi (see Chapter 2) 

(4.17) 

It is important to note that the computed bending compressive stress, relative 
to the axial tensile stress, should not exceed the appropriate allowable stress 
given in Chapter 2. 

For the! x 6 in. plate: A = 3 in.2; S = ! x 6 X (!)2 = 0.25 in? 

30 0 k . ~ = - = 1 Sl 
Ja 3 

Ft = 0.6 x 36 = 22 ksi 

M = 0.025 X (7)2 = 0.153 ft-k 
8 

_ 0.153 X 12 _ 7 32 k . '1 d . ) k - -. Sl (tensl e an compressive 
0.25 

Fb = 0.75 X 36 = 27 ksi 

Check (4.17): 

10 7.34 
22 + 27 = 0.46 + 0.27 = 0.73 < 1 ok 

Note that in this case, since the computed tensile stress is larger than the com­
puted bending compressive stress, the net stress on the entire cross section is 
tensile. 
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4.6 COLUMN BASE PLATES 

Steel base plates are generally required under columns for distributing the load 
over a sufficient area of bearing support. The design procedure discussed here 
is different from the one presented in the ninth edition of the AISCM (p. 3-106). 
After the appearance of the ninth edition, it was shown that some inconsisten­
cies existed in the method which made it inapplicable. I A new method was 
subsequently developed2 similar to the one in the 8th edition but with a small 
modification which will be discussed below. 3 

In general, it is assumed that the pressure between the base plate and the 
concrete is uniform. For base plates which overhang a large amount beyond the 
column dimensions (i.e., m and n dimensions are large; see Fig. 4.7) this as­
sumption is conservative, since the actual pressure near the plate edges will be 
smaller than the pressure directly under the column. For cases when the base 
plate overhangs only a small amount (m and n dimensions are small), the bend­
ing stress in the base plate is more critical at the column web, halfway between 
the two flanges, than at the locations m or n distances away from the plate 
edges. The new method requires that n' = ! ~ be determined along with the 
previously required values of m and n. The value n' determines the required 

1 
Fig. 4.7. Column base plate. These are generally used under columns to distribute the column 
load over a sufficient area of concrete pier or foundation. 

IS. Ahmed and R. P. Kreps, "Inconsistencies in Column Base Plate Design in the New AISC ASD 
Manual," Engineering Journal, American Institute of Steel Construction, Third Quarter, 1990, 
pp. 106-107. 
2W. A. Thorton, "Design of Small Base Plates for Wide Flange Columns," Engineering Journal, 
American Institute of Steel Construction, Third Quarter, 1990, pp. 108-110. 
3The eighth edition is based on the elastic approach of the bending stress in the plate supported on 
three sides and free at the fourth side, while the new method is based on the yield line theory. 
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thickness at the column web for the portion of the base plate bounded by the 
column web, the two flanges, and the free edge, while m and n are used to 
determine the base plate thickness that projects beyond the column flanges as 
inverted cantilevers. 

The following steps can be used for designing base plates: 

1. Establish the bearing values of the concrete according to AISCS J9. 
2. Determine the required area of the base plate (A = P / Fp). 
3. Establish Band N, preferably rounded to full inches, such that m and n 

are approximately equal and B X N ~ A. When either value is limited 
by other considerations, that dimension shall be established first and the 
other from B X N ~ A. 

4. Determine m = (N - 0.95 d) /2, n = (B - 0.80 hi) /2, and n' = 
!~. 

5. Determine the actual bearing pressure on the support U;, = P /(B X N». 
6. Use the largest values of m, n, or n' to solve for the thickness tp by the 

formula 

,{f; 
tp = 2(m, n, or n ) ~F; 

Fig. 4.8. Pin-connected bases of trusses for wall-roof structural system for the atrium of an office 
building. 
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Note that the procedure for detennining the minimum size base plate given on 
p. 3-107 of the AISCM will not be discussed here. 

Example 4.28. A W 8 x 58 column supports an axial load of 300 kips. Design 
a base plate for the column if the supporting reinforced concrete footing has a 
very large pedestal and /; = 3000 psi. 

Solution. 

Fp = 0.35/; .JAz/ AI ~ 0.7/; (AISCS J9) 

Use Fp = 0.7/;, since A2 » AI 

P 300 k 
Areq = - = -- = 142.86 in. 2 

Fp 2.1 ksi 

Choose base plate 11 x 13 in. so that A = 11 in. x 13 in. = 143 in. 2, and m 
and n are almost equal. 

r-B=ll"~ 

2.21"-1 r- 6.58"-I 12.21 " 

~ 

wBSlJ" : I""" N-'" 001----1 I I 

~~ ---- ~ 
~ 8.22"---1 2.35" 

m= 
N - 0.95 d 

2 

13 - 0.95(8.75) . 
2 = 2.345 Ill. 

B - 0.8 hi 11 - 0.8(8.22) 
n = 2 = 2 = 2.21 in. 

n' = ! .J(8.75 x 8.22) = 2.12 in. 
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/.=_P_= 300k =21ksi 
PBx N 11 in. x 13 in. . 

if; f.l. 
tp = 2m ~F, = (2 X 2.345) ~36 = 1.13 10. 

Use tp = I! in. 

Use 11 x I! x 1 ft, 1 in. base plate. 

Example 4.29. Redesign the base plate of the previous problem for pedestal 
size of the same area as the base plate. 

Solution. 

Fp = 0.35 f~ = 0.35 x 3000 psi = 1.05 ksi 

P 300 k . 
Areq = - = . = 285.710.2 

Fp 1.05 kSI 

Choose base plate 16 in. X 18 in., so that A = 16 in. x 18 in. = 288 in. 2 

m = N - 0.95 d = 18 - 0.95(8.75) = 484 I·n 
2 2 .. 

n = B - 0.8 b = 16 - 0.8(8.22) = 4 71 in 
2 2 .. 

n' = 2.12 in. (see Example 4.28) 

P 300 k . 
/.=--= =104ksl 
PBx N 16 in. x 18 in. . 

tp = (2 x 4.84) .Jl~~ = 1.65 in. 

Use tp = Ii in. 

Use 16 x Ii x 1 ft, 6 in. base plate. 
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PROBLEMS TO BE SOLVED 

4.1. Detennine the Euler stress and the critical load for the pin-connected col­
umn as shown, with a length of 24 ft and E = 29,000 ksi. (For an isometric 
view of the column, see Fig. 1.13.) Note: Assume that the lacing is spaced 
such that the stability of each channel by itself can be disregarded. 

~f;m=7~r" 207 

12" I' IrLacing 

I II I, 
L ~vzzzzzzzzzzl-c 12 X 20.7 

4.2. For the pin-connected column shown, detennine the Euler stress and crit­
icalload if L = 18 ft and E = 29,000 ksi. 

W W6 X 15 

I-- -r x 5rt 
- r-

@//////./.l 

1" 
"2 

4.3. Rework Problems 4.1 and 4.2, assuming that the columns are fully fixed 
at both ends. 

4.4. For the cantilever (flagpole type) columns shown, detennine the Euler 
stress and critical load for each column if the unsupported length is 20 ft and E 
= 29,000 ksi. Consider the note in Problem 4.1. 
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4.5. Calculate the allowable compressive axial stress Fa for (1) a W 14 X 145 
column with one end fixed and the other pinned, and (2) a W 8 x 35 column 
with both ends pinned. Use L = 30 ft. 

4.6. For the columns shown in Problems 4.1 and 4.2, calculate the allowable 
stress Fa for each column for both 36- and 50-ksi steels. 

4.7. Using the AISC table for allowable stress for compression members of 36 
ksi, determine the allowable load PaW 8 X 67 can support with a length of 
12 ft and pinned ends. 

4.8. Rework Problem 4.7, assuming 50-ksi steel and pinned ends. 

4.9. Determine the allowable load a structural tube TS 8 x 8 x .375 can 
support with a length of 18 ft and pinned ends. Fy = 46 ksi. 

4.10. Determine the allowable axial load a truss member can support if the 
member is made from two 6 x 6 x ~-in. angles separated by a ~-in. gap back 
to back. Assume that the member is the truss top chord, subject to compressive 
stress, and the unsupported length is 10 ft. 

4.11. Design a WT 7 section for a truss top chord if it will be subject to an 
axial load of 120 kips. Assume that the member will be laterally supported 
every 12 ft. 

4.12. Design a W 12 column, pinned at both ends, to support an axial load of 
450 kips: Lx = Ly = 14 ft; Fy = 36 and 50 ksi. 

4.13. Rework Problem 4.12 if Lx = 16 ft and Ly = 8 ft. 

4.14. Design the lightest wide-flange column for an axial load of 225 kips. The 
column is fixed at the top, pinned at the bottom, and subject to sway. Assume 
that Lx = 20 ft and Ly = 10 ft. 

4.15. Determine if a W 12 x 58 with axial load P = 200 kips, weak axis 
bending My = 40 ft-kips at the top and My = 20 ft-kips at the bottom is adequate 
for unbraced lengths of Lx = Ly = 18 ft. The frame is secured against sway. 
Ends of columns are restrained. Check column for 

a) single curvature 
b) double curvature. 

4.16. A W 14 X 211 column with P = 500 kips, Mx = 200 ft-kips and My = 
70 ft-kips has unbraced lengths of Lx = Ly = 14 ft. The frame is braced against 
sidesway, and ends of columns are restrained. a) Is the column safe? b) If the 
moments are due to transverse wind loads, is the column safe? In both cases, 
assume that the member is bent in single curvature, and that the moments given 
act at both the top and bottom of the member. 
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4.17. Redesign the column of Problem 4.14, without sidesway, but with a mo­
ment of 55 ft-kips applied to the top of the column about the major (x-x) axis. 
Use Lx = Ly = 20 ft. Try a W 12 member. 

4.18. A W 12 x 170 is subject to an axial load of 700 kips and a moment of 
85 ft-kips, applied about the major axis. Determine the maximum stresses at 
the extreme fibers of the member due to the loads. 

4.19. Design the lightest W 8 wide-flange column for the loading shown. As­
sume that the 20-kip load is applied at the face of the column flange. The col­
umn is braced against sides way . 

A 
V Beam reaction: 20 kip 

-
0 

12 ft I 0 ~~ 

l I 
0 

-

A 
V 

4.20 and 4.21. For the columns shown, design the lightest W 14 sections if 
65-kip loads are applied at the locations shown by dots. L = 22 ft, Kx = Ky = 
1.0. The column is braced against sidesway. 

2" 

-r 
7" 
t 

4.22. A W 12 x 65 column supports an axial load of 360 kips. Design a base 
plate for the column if the supporting concrete foundation is very large. Fy = 
36 ksi and!; = 3000 psi. 
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4.23. Design a base plate for a W 14 X 120 column supporting an axial load 
of 650 kips. Assume that the pedestal is the same size as the base plate and /; 
= 3500 psi. 

4.24. Design a W 14 column for the following: 

20ft-k+ , 

II 
II 
II 
II 
II 

6Oft-k+ 

400k 

L. = Ly = 16 ft. 
K.=Ky =1.0 

Fy = 50 ksi 

150ft-k+ 

16 ft. 

'" 
+50ft-k 

400k 

Braced against sidasway. 



5 
Bolts and Rivets 

5.1 RIVETED AND BOLTED CONNECTIONS 

Connections in structural steel are made with mechanical fasteners (rivets or 
bolts) or welds. Riveted and bolted connections will be covered in this chapter, 
and welds will be discussed in Chapter 6. 

5.2 RIVETS 

For many years, riveting was the sole method of connecting structural steel. In 
recent years, due to the ease and economy of welding and high-strength bolting, 
the use of rivets has declined to the point where they are completely obsolete 
today. Nevertheless, the Code still recognizes them mostly for existing struc­
tures. The rivets used in construction work are usually made from a soft grade 
of steel that does not become brittle when heated and hammered with a riveting 
gun. Rivets are manufactured with one formed head and are installed in holes 
that are punched or drilled ft; in. larger in diameter than the nominal diameter 
of the rivet. The rivet is usually heated to a cherry-red color (approximately 
1800°F) before placing it in the hole, and a second head is formed on the other 
end by a riveting hammer or a pressure type riveter. While the second head is 
being formed, the heat-softened shank is forced to fill the hole completely. As 
the rivet cools, it shrinks and squeezes the connected parts together, causing 
friction between them. However, this friction is usually neglected in calcula­
tions. 

According to the AISC, rivets shall conform to the provisions of the "Spec­
ifications for Structural Rivets" ASTM A502, Grades 1,2, or 3. The size of 
rivets used in general steel construction ranges from ~ to I! in. in diameter by 
~-in. increments. The allowable stresses are tabulated in the AISCM in accor­
dance with AISCS Table 13.2. 

Rivets usually require a crew of three to four people to be put in place. Due 

186 
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to high labor costs and extreme noise, rivets are no longer commonly used in 
modem construction. Even though bolt material is more expensive than rivet 
steel, the advantages of bolt placement far outweigh the disadvantage of using 
rivets. Hence, rivets have completely been replaced by bolts. 

5.3 BOLTS 

Bolting of steel structures is a very rapid field-erection process. It requires less 
skilled labor than riveting or welding and therefore has a distinct advantage over 
the other connection methods. The joints obtained using high-strength bolts are 
superior to riveted joints in performance and economy, and bolting has become 
the leading method of fastening structural steel in the field. 

There are two types of bolts that are most commonly used in steel construc­
tion. The first type, unfinished bolts, also called common or ordinary bolts, is 
primarily used in light structures subjected to static loads or for connecting 
secondary members; it is the cheapest type of connection available. Unfinished 
bolts must conform to the "Specifications for Low Carbon Steel Externally and 
Internally Threaded Fasteners," ASTM A307. AISCS J1.12 lists specific con­
nection types for which A307 bolts may not be used. 

The second type, high-strength bolts, is made from medium carbon, heat­
treated, or alloy steel and has tensile strengths much greater than those of or­
dinary bolts. High-strength bolts shall conform to the "Specifications for Struc­
tural Joints Using ASTM A325 or A490 Bolts," AISCS J3 (and to the Speci­
fication starting on p. 5-263). 

Allowable tensile and shear loads for all types of bolts are given in AISCM 
Tables I-A, I-B, I-C, and I-D, starting on p. 4-3, in accordance with the allow­
able stresses given in Table 13.2 (reproduced here as Table 5.1). 

Connections made of high-strength bolts are categorized into three types: (1) 
slip-critical (sq, (2) bearing type connection with threads included in shear 
plane (N) (see Fig. S.la), and (3) bearing type connection with threads excluded 
from shear plane (X), (see Fig. 5.lb). The two latter types of connections are 
similar to riveted connections and are designed by the same method, the only 
difference being in their respective shearing and bearing capacities (see AISCM 
Table J3.2). Bolts or rivets are said to be working in single or double shear if 
one or two shear planes are acting on the shank of the connector. For example, 
the bolts shown in Fig. 5.1 are in single shear. Table I-D gives allowable shear 
values for both single (S) and double (D) shear cases. 

Shear connections subjected to stress reversals or severe stress fluctuations or 
where slippage is undesirable are required by the AISC to be of the SC type. 
When high-strength bolts are used in combination with welds, only those in­
stalled as SC type connections prior to welding may be considered as sharing 
the stresses with the weld (AISCS J.IO). In SC connections, since the load is 
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Table 5.1. Allowable Stress on Fasteners. ksi (AISCS Table J3.2. reprinted with 
permission) 

Allowable Shear" (Fv) 

Slip-critical Connections" i 

AlIow- Oversized 
Long-slotted 

holes Bearing-
able Standard and Short- type 

Tension" size slotted Transverse} Parallel} Connec-
Description of Fasteners (F,) Holes Holes Load Load tions i 

A502, Gr. I, hot-driven rivets 23.0" 17.5 1 

A502, Gr. 2 and 3, hot-driven 
rivets 29.0" 22.01 

A307 bolts 20.0" 1O.0b,f 

Threaded parts meeting the 
requirements of Sects. A3.1 
and A3.4 and A449 bolts 
meeting the requirements of 
Sect. A3.4, when threads are 
not excluded from shear planes 0.33 F:· c.h 0. 17Fuh 

Threaded parts meeting the 
requirements of Sects. A3.1 
and A3.4, and A449 bolts 
meeting the requirements of 
Sect. A3.4, when threads are 
excluded from shear planes 0.33 Fu•· h 0.22 Fuh 

A325 bolts, when threads are not 
excluded from shear planes 44.if 17.0 15.0 12.0 10.0 21.01 

A325 bolts, when threads are 
excluded from shear planes 44.if 17.0 15.0 12.0 10.0 30.01 

A490 bolts, when threads are not 
excluded from shear planes 54.if 21.0 18.0 15.0 13.0 28.01 

A490 bolts, when threads are 
excluded from shear planes 54.if 21.0 18.0 15.0 13.0 40.01 

·Static loading only. 
"Threads pennitted in shear planes. 
'The tensile capacity of the threaded portion of an upset rod, based upon the cross-sectional area at its major thread diameter 
Ab shall be larger than the nominal body area of the rod before upsetting times 0.60 Fy • 

dFor A325 and A490 bolts subject to tensile fatigue loading, see Appendix K4.3. 
'Class A (slip coefficient 0.33). Clean mill scale and blast-cleaned surfaces with Class A coatings. When specified by the 
designer, the allowable shear stress, F,,, for slip-critical connections having special faying surface conditions may be increased 
to the applicable value given in the RCSC Specification. 
'When bearing-type connections used to splice tension members have a fastener pattern whose length. measured parallel to 
the line of force. extends 50 in .• tabulated values shall be reduced by 20%. 
'See Sect. AS.2 
'See Table 2. Numerical Values Section for values for specific ASTM steel specifications. 

'For limitations on use of oversized and slotted holes, see Sect. 13.2. 
'Direction of load application relative to long axis of slot. 



Type (N) bolt 

(a) 
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Type (X) bolt 

(b) 

Fig. 5.1. Bearing-type connections of high-strength bolts: (a) for bolts with threads included in 
shear plane and (b) for bolts with threads excluded from shear plane. 

primarily transferred by friction between the connected parts, the design is based 
on the assumption that if and when the connection fails, the bolts will fail in 
shear alone, and therefore the bearing stress of the fasteners on the members 
need not be checked. 

5.4 DESIGN OF RIVETED OR BOLTED CONNECTIONS 

A connection is said to be concentrically loaded if the resultant of the applied 
forces passes through the centroid of the fastener group. For such cases, tests 
have shown that just before yielding. all fasteners in the group carry equal 
portions of the load. When the resultant force does not pass through the cen­
troid, the force may be replaced by an equal force at the centroid accompanied 
by a moment equal in magnitude to the force times its eccentricity. In situations 
such as this, each fastener in the connection group is assumed to resist the axial 
forces uniformly and to resist the moment in proportion to its respective distance 
to the centroid of the connection; nevertheless, this eccentricity may be ne­
glected in many cases (AISCS J1.9). 

A bolted (N or X type) or riveted connection can fail four different ways. 
First, one of the connected members may fail in tension through one or more 
of the fastener holes (Fig. 5.2a). Second, if the holes are drilled too close to 
the edge of the tension member, the steel behind the fasteners may shear off 
(Fig. 5.2b). Third, the fasteners may fail in shear (Fig. 5.2c). And fourth, one 
or more of the tension members may fail in bearing of the fasteners on the 
member(s) (Fig. 5.2d). To prevent failure, a connection and the connected parts 
must be designed to resist failure in all four of the ways mentioned. 

First, to assure nonfailure of the connected parts, the members shall be de­
signed such that the tensile stress is less than 0.60 Fy on the gross area and less 
than 0.50 Fu on the effective net area (AISCS Dl). Therefore, the effective net 
area of any tensile member with bolt holes must be greater than or equal to 
P /(0.50 Fu); also see Chapter 1. 

Second, to prevent the steel behind the fasteners from tearing off, the mini­
mum edge distance from the center of a fastener hole to the edge, in the direc-
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-f I B I f- -f i ~ }-
(a) (b) 

(e) (d) 

Fig. 5.2. Failure modes of connections made with bolts or rivets. (a) Tension failure of a connected 
part. (b) Shear failure of a connected part behind a fastener. (c) Shear failure of the fasteners. (d) 
Bearing failure of a connected part. 

tion of the force, shall be not less than 2 P / Fu t (AISCS (J3-6» or the values 
given in Table J3.5, as applicable. In (J3-6) , P is the force carried by one 
fastener, t is the thickness of the critical connected part, and Fu is the specified 
minimum tensile strength of the critical connected part. 

Third, to assure that the fasteners will not fail in shear, the number of fas­
teners should be determined to limit the maximum shear stress in the critical 
fastener to that listed in AISCS Table J3.2 for the particular type. To determine 
the minimum number of fasteners required, divide the load on the entire con­
nection by the allowable shear stress of one fastener, (n = P / Fv). 

Last, to prevent a connected part from crushing due to the bearing force of 
the fasteners on the material, the minimum number of fasteners is determined 
to prevent such crushing. It has been experimentally shown that the lower bound 
for the allowable bearing stress Fp can be given by (J3-1) for the case when the 
deformation around the standard hole is a design consideration and by (J3-4) if 
the deformation is not. In addition, special criteria are given in AISCS J3.8 for 
minimum spacing requirements along the line of transmitted forces. All of the 
above requirements have been tabulated in Tables I-E and I-F, pp. 4-6 and 4-7, 
respectively. The reader is urged to study the notes at the bottom of these tables. 

The analysis of SC type connections is quite complex. The connection is 
designed similarly to N or X type connections, with an appropriate allowable 
stress for the shear capacity of the bolts. High-strength bolts are tightened until 
they acquire very high tensile stresses, and the connected parts are clamped 
tightly together, permitting loads to be transferred primarily by friction. Though 
bearing should not be encountered in this type of connection, the bearing of the 
bolts against the connected parts must be considered in the event that the friction 
bolts slip into bearing ("Specifications for Structural Joints Using ASTM A325 
or A490 Bolts," Commentary). Allowable stresses for shear are given in AISCS 
Table J3.2. For cases of special treatment of the connected parts, Table 3 in 
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Fig. 5.3. A beam-to-column shear connection with web angles. 

"Specifications for Structural Joints Using A325 or A490 Bolts" recognizes 
three classes: A, B, and C. Class A, which has a slip coefficient of 0.33, is part 
of Table 13.2. Classes Band C have larger slip coefficients and allowable 
stresses, and should be used only if the need arises. 

Example 5.1. Detennine the maximum tensile load P that can be resisted by 
the existing connection shown. The ~ in. x 14 in. plates are c'Jnnectec with ~ 
in. diameter A502 Grade 1 rivets. 

000 

p-- 000 14" -.p 

000 

p--
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Solution. The rivets may fail in shear or bearing, or the plate in tension. Each 
condition must be investigated to determine the critical condition. 

Shear failure in the rivet 

For A502 Grade 1 rivets 

Fv = 17.5 ksi (AISCS Table I-D, p. 4-5) 

rd2 r(~ in.y 
A· = - = = 0.601 in.2 

nv 4 4 

Number of rivets N = 12 

Pall = 17.5 ksi x 0.601 in. 2 x 12 = 126.2 k 

For failure in bearing Table I-E shows that for a ~-in. plate with Fu = 58 ksi 
(A36 steel) and ~-in.-diameter connectors, the capacity is 45.7 k per rivet. 
Therefore, for 12 rivets, 

Pall = 12 x 45.7 k = 548.4 k 

Note that the edge distance and spacing requirements conform to the notes given 
at the bottom of this table. 

Tensile capacity of member on gross area 

F, = 0.6 Fy = 22.0 ksi (AISCS D1) 

Ag = i in. x 14 in. = to.5 in. 2 

Pall = F, x Ag = 22.0 ksi x to.5 in. 2 = 231.0 k 

Tensile capacity of member on effective net area 

U = 1.0 (AISCS B3) 

F, = 0.5 Fu = 29.0 ksi (AISCS D1) 

An = (14 in. - 3(~ in. + i in.» x i in. = 8.25 in. 2 

Ae = U x An = 1.0 X 8.25 in.2 = 8.25 in.2 

Pall = F, X Ae = 29.0 ksi X 8.25 in. 2 = 239.3 k 
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Maximum tensile load is least value of cases calculated: 

P max = Pallshear = 126.2 k 

Example 5.2. Determine the maximum tensile load P that can be resisted by 
the connection in Example 5.1 using 1-in.-diameter A325 high-strength bolts 
(HSB), assuming standard holes and 

a) a bearing connection with the threads included in the shear plane 
(A325-N). 

b) a bearing connection with the threads excluded from the shear plane 
(A325-X). 

c) an SC connection (A325-SC) 

Solution. Determine the capacity for bearing, tension, and shear. 

Ab = 0.785 in. 2 

Nb = 12 

Bolt bearing will be same value for either friction type or bearing type connec­
tions. From Table I-E, allowable load/bolt = 52.2 k. 

Pall = 12 X 52.2 k = 626.4 k 

As in Example 5. 1, both edge distance and spacing requirements conform to 
the notes at the bottom of Table I-E. 

Tension on member will be the same for all cases. 

Tension on gross area of member 

Pall = 231.0 k (Example 5.1) 

Tension on effective net area of member 

Ft = 29.0 ksi 

An = (14 in. - 3(1 in. + i in.)) X i in. = 7.97 in. 2 

Ae = 1.0 X 7.97 in. 2 = 7.97 in.2 

Pall = Ft x Ae = 29.0 ksi X 7.97 in. 2 = 231.1 k 
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Shear capacity of connectors (Table I-D) 

a) 16.5 k X 12 = 198 k 

b) 23.6 k X 12 = 283.2 k 

c) 13.4 k X 12 = 160.8 k 

Note: only SC Class A values (the lowest) are given in Tables I-D and 13.2. 
Other values for other classes must be determined according to the Specification 
for A325 and A490 high-strength bolts, p. 5-263. 

The bolt shear capacity is critical in cases (a) and (c), and the tension on the 
gross area is critical in case (b). Maximum tensile load P: 

a) Pmax = 198 k 

b) Pmax = 231 k 

c) P max = 160.8 k 

Example 5.3. A truss member in tension consists of a single angle 4 X 4 X 

1 in. The member is connected to a 1-in. gusset plate with ~-in.-diameter A325-N 
bolts as shown. Determine the maximum load the connection can cany if bolts 
are spaced 21 in. on center. 

L4X4X-f 

p ~ 0 0 0 -t----''- --p 
2" 

Solution. Eccentricity between the gravity axes of such members and the gage 
lines for their riveted or bolted end connections may be neglected (AISCS J 1.9). 

F" = 21.0 ksi, Fr = 22.0 ksi 

Ab = 0.442 in. 2 

Ag = 3.75 in. 2 

Ae = 2.81 in. 2 (Example 1.5) 

P = 22.0 ksi X 3.75 in? = 82.5 k 

P = 29.0 ksi X 2.81 in. 2 = 81.5 k 
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Bolt shear 

P = 3 x 9.3 k = 27.9 k 

Bolt bearing 

P = 3 x 26.1 k = 78.3 k 

Use least value 

Pall = 27.9 k (bolt shear) 

Example 5.4. For the plates shown, detennine the allowable value of P using 
I-in.-diameter A307 bolts. 

Solution. 

P-

P-

S2 

I = l tot - Iholes + 4g 

1" 
"2 

iIIII!; 

II = 12 in. - 2(1 in. + i in.) + 0 = 9.75 in. 

---P 

___ P/2 

---fi72 

( I) 2(2 in.)2 
12 = 12 in. - 3 1 in. + - in. + = 9.125 in. 

8 4 x 4 in. 

a) Pall of plate 

Gross area 

P = Fy x Ag = 22.0 ksi x G in. x 12 in.) = 198.0 k 
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Effective net area 

P = Fu X Ae = 29.0 ksi X l.OG in. X 9.125 in.) = 198.5 k 

b) Pall by shear 

Bolts are in double shear. 

P = 6 x 15.7 k = 94.2 k 

c ) Pall by bearing 

Bearing on i-in. plates is more critical than two !-in. plates. 

P = 6 x 52.2 k = 313.2 k 

Case b) governs. 

Pall = 94.2 k 

Connections subjected to shear and torsion should be designed by the method 
explained in Example 5.5. The external effects are transferred to the centroid 
of the connection as two forces in the horizontal and vertical directions, re­
spectively, and a moment. The fasteners carry the direct forces equally. The 
shear stresses produced in the fasteners by the moment are perpendicular to the 
lines connecting the fastener to the centroid, and the magnitude of the shear 
stress carried by each connector is proportional to the distance of the fastener 
from the centroid (see Fig. 5.4). 

II 

" " 
~ ~Fv 
o I~ i· 

I o C.G. 0 I 
I 

o 0: 

Fig. 5.4. Bolted or riveted connection subject to shear and torsion. 
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Example 5.5. Find the load on a fastener in the general situation shown in the 
sketch. 

Solution. The centroid of the fastener group is first located, and the force P is 
broken into a vertical component Py , a horizontal component Px , and an applied 
moment M at that point. 

It is assumed that the two components are equally divided among all the fas­
teners as resisting forces. The magnitude of the resisting force in each connector 
due to the moment is proportional to the distance of that connector to the cen­
troid, and its direction is perpendicular to that line. 

If we designate for the ith connector, its resisting force by Rm;, its distance to 
the centroid d;, its resisting moment is 

The applied moment then becomes 

Also referring to the farthest connector for dmax and R mmax , 

and 

R . = d. x Rmmax 
ml I dmax 

Ed; x Rmmax 
M = -~--'="= 

drnax 
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From here we obtain 

and for any fastener, 

Also breaking up Rmp into its x and y components, we obtain 

Here v and h are the ordinate and the abscissa of the connector under consid­
eration with respect to the centroid. 

Also, 

Ed~ = E(v: + h~) 

With n being the number of fasteners, we can then calculate the components of 
the force in the connector as 

Px Mv 
Rx = - + ~ 2 ~h2 

n IJVi + IJ i 

and 

The total resisting force in the connector as 

Because the most critically loaded connector may not be determined by inspec­
tion prior to analysis, it may be necessary to verify all "candidates" for the 
most critically loaded connector. 

(Note: This problem has been solved by the elastic method in AISCM, "Ec­
centric Loads on Fastener Groups" (Alternate Method I, p. 4-59). The results 
from this method are somewhat conservative; however, this method can be eas-
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ily applied to any bolt configuration with an eccentric load inclined at any angle 
from the vertical.) 

Ultimate Strength Method 

A method based on the ultimate strength capacity, somewhat more liberal than 
the method described above, but still safe, is discussed in the ninth edition of 
the AISCM (1989). The tables starting on p. 4-62 have been developed based 
on this method. Note that the values given in these tables are applicable only 
to connector groups following a definite pattern and an eccentric vertical load. 
To overcome this limitation, Alternate Method 2 on p. 4-59 has been devel­
oped, which is an approximate method for inclined loads on connector patterns 
covered by the AISCM tables for vertical loads. 

Example 5.6. Determine the resultant load on the most stressed fastener in the 
eccentrically loaded connection shown. Use the elastic method. 

Px = 40 kip __ --

Solution. Components of the 50-kip load are 30 kips down and 40 kips to the 
left. 

Centroid of fasteners by inspection is 9 in. 'fmm the bottom and 4 in. from 
either side of the plate. 

M = 40 k x 9 in. + 30 k x 4 in. = 480 in.-k 

Ed2 = E(h2 + v 2) where h is the horizontal distance from center 
of gravity to each fastener, and v is the vertical 
distance from center of gravity to each fastener 

= Eh2 + Ev 2 = 10(2 in.)2 + 4(6 in.)2 + 4(3 in.)2 

= 220 in.2 
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At corner (critical) fasteners, 

'all Mh V M = vertic oad due to moment = Ed2 

_ 480 in.-k X 2 in. _ 6 
- 220 in.2 - 4.3 k 

HM = horizontal load due to moment = ;; 

480 in.-k X 6 in. _ 3 
= 220in.2 - 1 .00k 

Vs = vertical load due to direct component 

Py 30 k 
-=-=3k 
N 10 

Hs = horizontal load due to direct component 

P" 40 k -=-=4k 
N 10 

Fastener A is the critical fastener, as there the loads added to each other 

@_ _ /18.61k 

V M = 4.36 k ~ HM = 13.09 k Hs = 4.0 k @ 

Vs = 3.0 k ~ 

R = ~V2 + H2 = ~(4.36 + 3)2 + (13.09 + 4i 

= 18.61 k 

Maximum resultant is on fastener A 

R = 18.61 k 

Example 5.7. Determine the load P that can be carried by the bracket when 
i-in. diameter A325-SC bolts are used. Use the elastic method. 
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-r PiateA36 

1= 14.75 in. 

y = 6 in. from bottom bolt (by inspection) 

Ed2 = Ev2 = 2(3 in.i + 2(6 in.)2 = 90 in.2 

M = PI = 14.75 P 

Maximum load is on the top and bottom bolts. 

P P 
Vs = vertical load due to shear = N = 5" = 0.2 P 

HM = horizontal load due to moment 

= Mv = 14.75 P x 6 in. = 0 983 P 
Ed2 90 in.2 • 

Rtot = ../V2 + H2 = ../(.2 p)2 + (.983 p)2 = 1.003 P 

Shear capacity of i-in. A325-SC bolts 

R" = 7.51 k (AISC Table I-D) 

1.003 P = 7.51 k 

P = 7.51 k = 749 k 
1.003 . , 

As an alternative, calculate P using Table XI, p. 4-62: 

C = 1.15 for I = 14.75 in., b = 3 in., n = 5 (by interpolation) 

P = ex R" = 1.15 x 7.51 = 8.64 k 
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As expected, this result is more liberal than the one obtained using the elastic 
method. 

The maximum load that can be carried by the bracket is P = 7.49 k 

Check bracket plate (AISCM, page 4-88). 

S - 14· 3 .. I· nel - Ill. lor '2 Ill. x 15 in. plate 

M = 14.75 in. x P 

Fb = 22.0 ksi (AISCS F2.2) 

Mall = 22.0 ksi x 14 in. 3 = 308 in.-k 

308 in.-k 
P = 4 5. = 20.9 k > 7.49 k ok 

1 .7 Ill. 

Example 5.S. Determine the maximum load on the fastener group shown, and 
determine the plate size. 

-r </> Bolts (typ) 

3" 

I 0 
3" 

0 
3" 

0 
3" 

0 

Solution. 

3" 

0 

0 

0 

0 

r---12"=lP= 40 kip 

5 l " 3"-
2 l)M = 140 in.-kip 

100 
I 
I 0 0 

100 
I 
I 0 0 

I 0 0 
I 

Mlal = (40 k x 12 in.) + 140 in.-k = 620 in.-k 

I = M/P = 620 in.-k = 15 5 . . Ill. 
40 k 
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y = 6 in. from bottom row of bolts (by inspection) 

x = 5.75 in. from left vertical row of bolts (by inspection) 

Ev 2 = 8«6 in.)2 + (3 in.)2) = 360 in.2 

Eh2 = 10«5.75 in.)2 + (2.75 in.)2) = 406.25 in.2 

Ed = Ev2 + Eh2 = 360 + 406.25 = 766.25 in.2 

40 k 
Vs = P / N = - = 2 k 

20 

Mh 620 in.-k X 5.75 in. 
VM = Ed2 = 766.25 in.2 = 4.65 k (for a comer fastener) 

~ot = 2.0 k + 4.65 k = 6.65 k 

Hs = 0 

Mv 620 in.-k x 6 in. 
HM = Ed2 = 766.25 in.2 = 4.85 k 

Htot = 0 + 4.85 k = 4.85 k 

RIOt = .JV2 + H2 = .J(6.65)2 + (4.85)2 = 8.23 k 

The maximum load on the critical fastener is 8.23 k 

Plate dimensions 

M = 140 in.-k + 40 k x (12 in. - 5.75 in.) = 390 in.-k 

S = 390 in .. -k = 17.73 in.3 
22 kSl 

Referring to bracket plates table (AISCM, p. 4-88), a plate of {i-in. thickness 
and 15-in. depth is needed (by interpolation). 

Use 15 in. X {i in. 

Example 5.9. Using the AISC tables, determine the maximum load on the 
fastener group shown. 
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p= 40 kip 

0 0 0 0 

l) M = 140 in.-kip 

3" 

0 0 0 0 
3" 

0 0 0 0 
3" 

0 0 0 0 
3" 

0 0 0 0 

II 

Solution. The table to be used is Table XVIII (AISCM, p. 4-69) 

Mtot = 40 k x 12 in. + 140 in.-k = 620 in.-k 

. M 620 in.-k 
EqUivalent I = P = 40 k = 15.5 in. 

For I = 14 in. and n = 5, 

C = 6.86 

For I = 16 in. and n = 5, 

C = 6.15 

For I = 15.5 in. and n = 5, 

1.5 
C = 6.86 - 2 (6.86 - 6.15) = 6.33 

P 40 
R = - = - = 632 k 

v C 6.33 . 

Maximum load on critical fastener = 6.32 k. 



BOLTS AND RIVETS 205 

Example S.lO. Detennine P for the existing connection shown. The rivets are 
~-in. diameter A502 Grade 1. 

-4"-1-4"- -4"-

L 1 C 10 X 30 

2" 
0 0 I ,--f-O 0 

3" I 
... "" T -0 0 0 0-1------ ... "" 

I 

..,.-P 
3" 

-L-

-L- -0 0 0 O! 2" 

T I 

Solution. For C 10 X 30, 

A = 8.82 in.2, ft = 0.436 in., tw = 0.673 in., Ix = 103 in.4 

Ed2 = E(h2 + v2) = 6(6 in.)2 + 6(2 in.)2 + 8(3 in.)2 = 312 in.2 

M= 3P 

Maximum load occurs at a comer rivet. 

Mh 3Px6 
VM = Ed 2 = 312 = 0.0577 P 

H _ Mv _ 3 P x 3 _ 
M - Ed2 - 312 - 0.0288 P 

Vs = 0 

Hs = PIN = PI12 = 0.0833 P 

R = .JV2 + H2 

= .J(0.0577 p)2 + (0.0288 P + 0.0833 p)2 

= 0.1261 P 

Capacity of ~-in. A502-1 rivets in shear 

Rv = 10.5 k (AISC, Table I-D) 

Capacity of one ~-in. A502-1 rivet in bearing on 0.673-in. flange 
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From Table I-E, for I-in. thickness (Fu = 58 ksi), allowable load = 60.9 k. 
Therefore, for 0.673-in. thickness, allowable load = 60.9 x 0.673 = 41 k. 

Shear governs 

P = 10.5 k = 83.27 k 
0.1261 

Capacity of C lOx 30 

Anet = 8.82 in. 2 - 3 x 0.673 in. x Gin. + i in.) = 6.801 in. 2 

I net = 103 in.4 - 0.673 in. X Gin. + i in.) x (3 in.)2 X 2 = 90.9 in.4 

90.9 in.4 = 182. 3 
Snet = . In. 

5 in. 

P = 22 x 8.82 = 194 k 

P = 29 X 0.85 X 6.801 167.6 k 

:. Fr = 29 ksi 

M = 3 P, Fb = 22.0 ksi 

P 3P 

5.78 18.2 --- + - :5 1.0 (AISCS H2) 
0.50 X 58 22.0 

0.006 P + 0.0075 P = 0.0135 P :5 1.0 

P :5 74.1 k 

Channel capacity governs. Maximum load is 74.1 kips. 

Example 5.11. Determine the size of A325-X high-strength bolts for this group 
of connectors. 
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15" " 
M 
@; ..,. 

'------15"------1,' 

'--+---6" 1t"j-

o OB 

000 
'f.54'~ I 0.23" 

Px =30kip ~ 

o +O~---r----

~PV = 52 kip 

o 0 
60 kip 

o OA 

Solution. Locate the center of gravity with respect to the x and y axes. 

_ 3 X 6 in. + 5 x 3 in. 2 54 . 
x = = . In. 

13 

3 x 6 in. + 3 x 3 in. - 2 x 3 in. - 3 x 6 in. 
y = 13 = 0.23 in. 

Ev 2 = (5.77 in.)2 x 3 + (2.77 in.)2 x 3 + (0.23 in.)2 x 2 

+ (3.23 in.)2 x 2 + (6.23 in.)2 x 3 = 260.3 in.2 

Eh2 = (2.54 in.)2 x 5 + (0.46 in.)2 x 5 + (3.46 in.)2 x 3 = 69.2 in. 2 

Ed2 = Ev 2 + Eh2 = 260.3 in. 2 + 69.2 in.2 = 329.5 in.2 

Px = 0.50 x 60 k = 30.0 k 

Py = 0.866 x 60 k = 52.0 k 

M = 9.46 in. x 52.0 k - 0.23 in. x 30.0 k = 485 in.-k 

52.0 k 
V = -- = 4.0k 

s 13 

30.0 k 
H = -- = 2.3 k 

s 13 
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Try Bolt A: 

Try Bolt B: 

485 in.-k . 
Vm = 2 X 3.46 m. = 5.09 k 

329.5 in. 

485 in.-k . 
Hm = 329 . 2 X 6.23 m. = 9.17 k 

.5 m. 

+ v, = 4.0 kip 

_ . I v m = 5.09 kip 
H, = 2.30 kip Hm - 9.17klp t 
---..... OA 

R = ../(2.30 - 9.17)2 + (5.09 + 4.0)2 = 11.4 k 

485 in.-k 
Vm = 329.5 in.2 X 3.46 in. = 5.09 k 

485 in.-k . 
Hm = 329.5 in.2 x 5.77 m. = 8.49 k 

tV, = 4.0 kip 

I Vm = 5.09 kip 

H, = 2.3 kip Hm = 8.49 kip t 
---... ---... 08 

R = ../(8.49 + 2.3)2 + (5.09 + 4.0)2 = 14.1 k (governs) 

A bolt of ~ in. diameter is needed (Rv = 18.0 k). 

Rivets and bearing bolts subjected to both shear and tension shall be designed 
such that the computed shear stresses Iv do not exceed the allowable values 
given in Table 5.1 (AISCS Table 13.2) and the computed tensile stresses fr 
acting on the nominal body area Ab do not exceed the values computed in Table 
5.2 (AISCS Table 13.3). 

When allowable stresses are increased for wind or seismic loads, the con­
stants in the equations in Table 5.2 shall be increased by !, but the coefficient 
applied to Iv shall not be increased. 

For the case when A325 and A490 bolts are used in SC connections, the 
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Table 5.2. Allowable Tension Stress Ft for Fasteners in Bearing-type 
Connections (AISCS Table J3.3; reprinted with permission) 

Description of 
Fasteners 

A307 bolts 

A325 bolts 

Threads Included in 
Shear Plane 

26 - 1.8/v s 20 
.J(44)2 - 4.39 I; 
.J(54)2 - 3.75 I; 

Threads Excluded 
from Shear Plane 

.J(44)2 - 2.15 I; 

.J(54)2 - 1.82 I; A490 bolts 
Threaded parts, 
A449 bolts 0.43 Fu - 1.8/v s 0.33 Fu 0.43 Fu - 1.4 Iv s 0.33 Fu 
over 1!-in. dia. 
A502 Gr. 1 rivets 
A502 Gr. 2 rivets 

30 - I.3lv s 23 
38 - I.3lv s 29 

maximum allowable shear stress shall be multiplied by the reduction factor 

where j, is the average tensile stress due to the direct load applied to all of the 
bolts, Tb is the pretension load of the bolt given in Table 5.3 (AISCS Table 
J3.7), and Ab is the area of one bolt taken on the nominal shank. When allow­
able stresses are increased for wind or seismic loads, the reduced allowable 
shear stress shall be increased by one-third. 

Table 5.3. Minimum Pretension for Fully-tightened 
Bolts, kips· (AISCS Table J3.7; reprinted with 

permission) 

Bolts Size, in. A325 Bolts A490 Bolts 

I 12 15 2 
5 19 24 8 
3 28 35 4 
7 39 49 8 

1 51 64 

I~ 56 80 
la 71 102 

I~ 85 121 
I! 103 148 

"Equal to 0.70 of minimum tensile strength of bolts, rounded off to nearest 
kip, as specified in ASTM specifications for A325 and A490 bolts with UNC 
threads. 
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Example 5.12. For the connections shown, determine P max when 

a) lO-~-in. A502 Grade 1 rivets are used (existing connection). 
b) lO-~-in. A490 bolts are used with threads not excluded from the shear 

plane. 

Note: Disregard the effect of prying. For prying design, see Sect. 7.5. 

P 

II 

o 0 
o 0 
o 0 
o 0 
o 0 

....LL..-_-'\r-_-U... I 

Section -' 
Solution. 

4 
Ph = - P = 08 P 5 . 

3 
Pv = "5 P = 0.6 P 

/ 0.6 P 
Iv = Pv A = 10 X 0.601 = 0.100 P 

/ 0.8 P 
it = Ph A = 10 x 0.601 = 0.133 P 

a) F( = 30 - 1.3 it, :s 23 ksi (AISCS Table 13.3) 

0.133 P = 30 - 1.3(0.100 P) :s 23 

P = 114.1 k 

O.6P 

~-_~O.8P 

Iv = 0.100 P = 11.4 ksi < 17.5 ksi (AISCS Table 13.2) ok 

b) 

it = 0.133 P = 15.2 ksi < 23 ksi ok 

F( = ..)(54)2 - 3.75/;, 

0.133 P :s ..)(54)2 - 3.75(0.IP)2 
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P = 230 k 

Iv = O.IP = 23 ksi < 28 ksi ok 

j, = 0.133P = 30.6 ksi = Ft ok 

Example 5.13. Detennine P max for the bolt configuration given in Example 
5.12 there are 1O-~ in. diameter A490-SC bolts. 

Solution. 

Ab = 0.601 in. 2 

0.8 P 
j, = 10 X 0.601 = 0.133 P 

Tb = 49 k (AISCS Table 13.7) 

0.133 P x 0.601 
Reduction factor = 1 - 49 = 1 - 0.00163 P 

Fv = 21 ksi (AISCS Table 13.2) 

(1 - 0.00163 P) x Fv X Ab X N = P 

(1 - 0.00163 P) x 21 x 0.601 x 10 = P 

Pmax = 104.5 k 

Example 5.14. Detennine whether the connection shown is satisfactory using 
~-in. A307 bolts, each having an area of 0.6 in. 2 

'~iiP ~ 1-4" 

L 
2" 

tp 

T tp 
La 

" 
;. 

1-11"---l 

r 0 0 

0 0 

0 0 

0 0 

0 0 

0 0 

~ [ ;. 
L!l [ ;. 

L )0 2" -[ 

T 

19" 

1 
0 0 d 

0 0 

0 0 

0 0 

0 0 
IA l:;;;ii 

..• "1 .•.•• I)M;· 

~ 
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Solution. The centroid could be located by setting up a quadratic equation in 
tenus of h, but is more conveniently obtained by trial and error. First assume 
the center of gravity of compression and tension areas at a distance h from the 
bottom, usually h = (i to ~)d. 

Assume h = 3 in. 

Check to see if center of gravity is sufficiently near assumed location. 

Moment of compression area = 3 in. X 11 in. X 1.5 in. = 49.5 in. 3 

Moment of tension area = (2 X 0.6 X 14) + (2 X 0.6 x 11) 

+ (2 x 0.6 x 8) + (2 x 0.6 x 5) 

+ (2 x 0.6 x 2) 

= 48 in. 3 

48.0 in. 3 '"' 49.5 in. 3 

Say assumed center of gravity is ok. 

Calculate moment of inertia of tension and compression areas. 

For bolt areas, 10 can be neglected. 

11 (3)3 
1 = -- + (33 X 1.52) x (2 x 0.6 x 142) + (2 x 0.6 x 112) 

12 

+ (2 x 0.6 x 82) + (2 x 0.6 x 52) + (2 x 0.6 x 22) = 591 in.4 

Shear force on each bolt 

F 60 k 
- = - = 5.0 k/bolt 
Nb 12 

Shear stress on each bolt 

P 5.0 k 
- = 2 = 833 ksi 
A 0.6 in. . 
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Tension stress on extreme top bolt 

Me (60 k x 4 in.) x 14 in. 
- = = 5.69 ksi 
I 591 in.4 

For A307 bolts, 

Ft = 26.0 - 1.8 Iv :s; 20 ksi 

= 26.0 - 1.8 (8.33) = 11.0 ksi < 20.0 ksi 

Connection is satisfactory, because Iv = 8.33 ksi < Fv = 10.0 ksi and/, = 
5.69 ksi < Ft = 11.0 ksi. 

Example 5.15. Check to see if this connection is adequate with i-in.-diameter 
connectors and 

a) using A502 Grade I rivets (existing connection). 
b) using A325-N bolts (threads not excluded from the shear plane) . 
c) using A325-SC bolts. 

p - 60 kip r - 60kiP 

0 0 

0 0 

1 13.58 0 0 

=ill1 0 0 - 6.58" 

3.0800 

2.42' .• y-
...L.. 

0 0 
~ .. 

10"~ 

Solution. Assume neutral axis of connection (y) as 2.42 in. from bottom of 
bracket. 
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Check assumption 

Moment of compression area = 10 in. X 2.42 in. X 1.21 in. = 29.28 in.3 

Moment of tension area = 2 X 0.442 in.2 x (3.08 in. + 6.58 in. 

+ 10.08 in. + 13.58 in.) 

= 29.45 in.3 

Say assumption of neutral axis is ok. 

I = 10 (2.42)3 + 2 x 0.442 X (3.082 + 6.582 + 10.082 + 13.582) 
3 

= 346.74 in.4 

Iv = 60 = 13.57 ksi 
10 x 0.442 

(60 x 5) x 13.58 . 
frtop = 346.74 = 11. 75 kSl 

a) For A502-1 rivets, 

Fv = 17.5 ksi > 13.57 ksi ok 

Ft = 30.0 - 1.3 (13.57) = 12.4 ksi > 11.75 ksi ok 

A502-1 rivets are adequate for loading shown. 

b) For A325-N bolts, 

Fv = 21 ksi > 13.57 ksi ok 

Ft = .J(44)2 - 4.39 (13.57)2 = 33.6 ksi > 11.75 ksi ok 

A325-N bolts are adequate for loading shown. 

c) For A325-SC bolts. 

Based on the discussion given in Commentary C-J3.6, the applied shear force 
is taken by the compressive area of the connection bearing against the flange of 
the column; thus, none of the bolts in tension carries any shear. The tensile 
stress in a bolt due to the pretension force is Tb X Ab = 28 k x 0.4418 in. 2 = 
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12.37 ksi. On the other hand, the maximum applied tensile stress was deter­
mined to be 11.75 ksi (see above). Consequently, because the maximum ap­
plied tensile stress is smaller than the pretension stress in the bolt, no change 
in bolt stress can occur. The tensile stress in the bolt can increase only if the 
applied stress becomes greater than the pretension stress; when this happens, 
separation will occur between the two plates that were originally in contact in 
the tensile zone. 

Therefore, for this loading, the A325-SC bolts are adequate. 

5.5 FASTENERS FOR HORIZONTAL SHEAR IN BEAMS 

In a built-up member or a plate girder subjected to transverse loading, there is 
a tendency for the connected elements to slide horizontally if they are not fas­
tened together; see Fig. 2.7. If the elements are connected continuously, hori­
zontal shearing stress will develop in the connection. This shear, measured per 
unit length for the entire width, is called shear flow and is expressed as 

VQ 
q=­

I 
(5.1) 

where V is the vertical shear force, I is the total moment of inertia of the mem­
ber, and Q is the moment of the areas on one side of the sliding interface with 
respect to the centroid of the section. The spacing of fasteners is determined by 
dividing the shearing capacity of the fasteners to be used by the shear flow q. 
The maximum spacing between fasteners must also satisfy AISCS E4 and D2, 
as specified in AISCS BIO. Where the component of a built-up compression 
member consists of an outside plate, the maximum spacing between bolts and 
rivets connecting the plate to the other member shall not exceed the thickness 
ofthe outside plate times 127/.Jii; nor 12 in. When the fasteners are staggered, 
the maximum spacing on each gage line shall not exceed the thickness of the 
outside plate times 190/.Jii; nor 18 in. (see Fig. 3.2). The spacing of fasteners 
connecting two rolled shapes in contact with each other shall not exceed 24 in. 
(AISCS E4). 

The longitudinal spacing of bolts and rivets connecting a plate to a rolled 
shape or to another plate in a built-up tension member shall not exceed 24 times 
the thickness of the thinner plate nor 12 in. for painted members or unpainted 
members not subject to corrosion; the maximum spacing is 14 times the thinner 
of the two plates or 7 in. (whichever is smaller) for unpainted members of 
weathering steel subject to atmospheric corrosion (see Fig. 3.2). When two or 
more shapes in contact with one another form a built-up tension member, the 
longitudinal spacing of fasteners shall not exceed 24 in. (AISCS D2). 
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Example 5.16. Calculate the theoretical spacing of~-in.-diameter A325-N bolts 
for the beam shown. I tot = 461 in.4 

C 12 X 25 I 
4.18" 

---t 
70 kip 

! 
y= 8.15" 

W 12 X 40 '--__ .... __ --'IL 

Solution. 

Achannel = 7.35 in.2 

Q = Ad = 7.35 in. 2 x (4.18 in. - 0.674 in.) = 25.77 in.3 

Vma" = 35 k 

VQ 35 k x 25.77 in.3 
q = T = 461 in.4 1.96 k/in. 

Shear capacity of ~-in. A325-N bolts 

Rv = 9.3 k 

Spacing of bolts 

2 x 9.3 k 
1.96 k/in. = 9.49 in. 

Use two rows of bolts spaced at 9 in. < Sma" = 24 in. ok 
(Note: No hole deduction required in this case). 

Example 5.17. For the beam shown, what is the required spacing of i-in. A490-
N bolts at a section where the external shear is 100 kips? 



BOLTS AND RIVETS 217 

1" 

T~::'''X1"' 

Ilel'''XlO. 
1" 

Solution. For W 18 x 71, 

A = 20.8 in. 2, d = 18.47 in., hI = 7.64 in., 

'I = 0.81 in., 1= 1170 in.4 

Check requirements of AISCS BI0: 

a) Hole deduction: 

Afg = (7.64 x 0.81) + (10 x 1) = 16.19 in. 2 

Ajil = 16.19 - 2 x (i + !)(0.81 + 1.0) = 13.02 in. 2 

0.5 X 58 x 13.02 = 378 k > 0.6 X 36 X 16.19 = 350 k 

Therefore, no deduction for bolt holes is required. 

b) Maximum cover plate area: 

Total flange area = 2 X 16.19 = 32.38 in.2 

Total cover plate area = 2 X 10 X 1 = 20 in.2 

0.7 X 32.38 = 22.67 in.2 > 20 in.2 ok 

( 10 in. (1 in.i) 
I tot = 1170 in.4 + 12 X 2 + 2(1 in. X 10 in. X (9.74 in.)2) 

= 3069 in.4 
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Q = Ad = 1 in. X 10 in. x 9.74 in. = 97.4 in. 3 

VQ 100 k X 97.4 in. 3 _ /. 
q = I = 3069 in.4 - 3.17 k m. 

Shear capacity of ~-in. A490-N bolts 

R" = 12.4 k 

Spacing of bolts 

Nb X Rv 2 x 12.4 k . 
= 3 7 /. = 7.82 m. q .1 k m. 

Use two rows of bolts spaced at 71 in. < Smax = 12 in. ok 

Example 5.18. For the section shown, what is the required spacing of ~-in. 
A325-N bolts if external shear = 150 kips? 

30t" 

L 6 X 4 X 1 c:====.J L::::=~J 
Solution. For 6 x 4 X ~ in. angle, 

A = 6.94 in.2 

1= 8.68 in.4 

x = 1.08 in. 

I = E(lo + Ad2 ) 

0.5 in. X (30)3 
-----'-----=- + 4(8.68 in.4) + 4(6.94 in.2)(l5.25 in. - 1.08 in.)2 

12 

= 6734 in.4 
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Q = Ad = 2 x 6.94 in.2 x (15.25 in. 

= 196.7 in.3 

1.08 in.) 

VQ 150 k X 196.7 in.3 
q=-= 

I 6734 in.4 

= 4.38 k/in. 

Capacity of ~-in. A325-N bolts in double shear 

Rv = 18.6 k 

Spacing of bolts 

Rv 18.6 k 
- = 38 k/· = 4.25 in. q 4. tn. 

Space bolts at 41 in. center to center. 

5.6 BLOCK SHEAR FAILURE 

Tests have shown that when a beam with a top coped flange has a high-strength 
bolted end connection, as shown in Fig. 5.5, failure may occur by tearing out 
of the shaded portion along a line through the holes. This type of failure, com­
monly referred to as block shear failure, can be attributed to a combination of 
shear and tensile stresses acting on the net shear and tensile areas, respectively. 

Failure by 
tearing out 
of shaded 
portion. 

Shear area {-ffl~'+-....L-(n - l)@s 

n = Number of fasteners 
s = Fastener spacing 

Tensile area 

Fig. 5.5. Critical area for block shear failure. 
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According to AISCS J4, the allowable shear stress Fv acting on the net shear 
area Av is given in (J4-1): 

(S.2) 

and the allowable tensile stress Ft acting on the net tensile area At is given in 
(J4-2): 

Ft = O.SO Fu (S.3) 

The sum of the resistances due to shear and tension constitutes the total resis­
tance to block shear RBs: 

In general, 

or 

and 

where dh = diameter of the bolt hole, in. 
lh = distance from center of hole to beam end, in. 
Iv = distance from center of hole to edge of web, in. 
n = number of fasteners 
S = fastener spacing, in. 

tw = thickness of beam web, in. 

(S.4) 

(S.Sa) 

(S.Sb) 

(S.6) 

Using eqns. (S.2) to (S.6), we can write the total resistance to block shear as 
follows: 
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RBS = total resistance to block shear, kips 

= 0.3 AvFu + 0.5 AtFu 

= 0.3 [Iv + (n - l)(s - dh) - ~h ] twFu 

+ 0.5 [Ih - ~ ] twFu (5.7) 

Table I-G on p. 4-8 of the AISCM tabulates the coefficients in the above equa­
tion based on standard holes and a 3-in. fastener spacing. Note that in the case 
when the flange of the beam is not coped, experiments have shown that block 
shear does not occur. 

Block shear failure is also evident in similar types of connections (see Figs. 
C-J4.2, C-J4.3, and C-J4.4, which are reproduced here as Fig. 5.6). As above, 
the sum of the resistance to shear and to tension gives the total resistance to 
this type of failure. 

5.7 AISCM DESIGN TABLES 

The tables in AISCM, pp. 4-3 through 4-8, can be used to detennine areas, 
allowable tensile, shear, and bearing loads for rivets and bolts most commonly 
used in steel construction. 

Tension Tables I-A and I-B list the allowable tensile stresses for various bolts, 
rivets, and grades of steels used to produce threaded fasteners and the allowable 
tensile loads for j- to 1!-in-diameter fasteners of those materials. 

Table I-C lists the ASTM Specifications for bolts, studs, and threaded round 
stock. 

Shear Table I-D lists the allowable shear stresses and allowable loads for i­
to 1!-in-diameter rivets and bolts made from the materials mentioned above. 
To use these tables, the designer must locate the allowable load under the col­
umn for the fastener diameter in question and referenced to the row correspond­
ing to the material of the fastener, type of connection, and the hole type. Note 
that the allowable loads for double shear (D) are exactly twice those for single 
shear (S). 

Bearing Table I-E for Fu equal to 58, 65, 70, and 100 ksi of the connected 
part's material give the allowable bearing loads, in kips, of L ~, and l-in.­
diameter fasteners on material thicknesses from i to 1 in., based on the fastener 
spacing given in the notes at the bottom of the table. As the bearing values in 
the tables are limited by the double shear capacity of A490-X bolts, some values 
in the tables are not listed. To detennine these values, the designer must mul-
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Shear area 

Failure by 
tearing out 
of shaded 
portion 

Tensile area 

Shear area 

Fig. 5.6. Critical area for block shear failure in similar connections (AISCS Figs. C-J4.2, C-J4.3, 
C-J4.4; reprinted with permission). 

tiply the value corresponding to l-in.-thick material by the actual thickness of 
the connected material. 

Table I-F gives the allowable bearing loads as a function of the bolt edge 
distance. 

The block shear capacity for members with their top flange coped is given in 
Table I-G (see Sect. 5.6). For cases which are not specifically covered in the 
table, the equation provided at the bottom of the table (which is the same as 
eqn. (5.6» can be utilized. Given are values of C( and C2 ; the resistance to 
block shear in kips is equal to (C( + C2)Fu tw , which should be greater than or 
equal to the beam reaction. 

"Framed Beam Connections," Tables II-A, II-B, and II-C, in AISCM, pp. 
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4-9 through 4-22, are provided to help detennine the number of bolts required 
at ends of simply supported beams framing into other members when the re­
actions and the fastener type are known. In the general groupings of fastener 
types, under the column of the selected fastener diameter, the designer must 
locate the allowable load, in kips, that is equal to or slightly greater than the 
required connection capacity. Proceeding to the left from that load, the designer 
can detennine the required number of bolts (n) and the length of the framing 
angles (L and L'). Along the top of the tables, the suggested thickness of these 
angles is tabulated according to the bolt type and diameter. If the length L (or 
L') exceeds the depth of the beam minus the flange thicknesses and fillets, the 
diameter of the bolts should be increased or the type changed to a stronger one 
to reduce the number of bolts required. 

If and when the tabulated allowable load in Tables II-A and II-B is followed 
by a superscript, the allowable net shear on the framing angles must be checked. 
From Table II-C, the designer can detennine the allowable load on two angles 
for a given thickness (t) and length (L), as detennined from Tables II-A and 
II-B. If the tabulated load is greater than the beam reaction, then the angles are 
acceptable. Otherwise, the angle thickness should be increased. The designer 
should note that this table is for A36 double angles only. It is also important to 
note that a thickness limitation of ~ in. for the framing angles is given in the 
tables to assure the flexibility of the connection. 

For eccentric loads on fastener groups, the tables in AISCM, pp. 4-57 to 
4-69, are extremely useful for detennining the maximum load on the critical 
fastener in the group for a given vertical load. Using I, the value of a coefficient 
C can be obtained from the appropriate table. If the capacity of one fastener 
(Rv) is known, the allowable load P can be detennined by mUltiplying Rv times 
the coefficient C (P = C X Rv)' Conversely, the required shear capacity of the 
fastener can be detennined from Rv = P / C when P is known and C is obtained 
from the tables. The designer should note that these "Eccentric Loads on Fas­
tener Groups" tables are based on the ultimate method of analysis and that the 
longhand approach, using the elastic method described in AISCM, p. 4-59, will 
give more conservative results; however, it can easily be applied to situations 
where the load is not vertical and the bolt configuration is not regular. Examples 
using these tables were done previously in Sect. 5.4. 

Example 5.19. For a W 36 x 260 beam with an end reaction of 390 kips, 
select the number of i-in.-diameter A490-X bolts required for framing the beam. 
Assume A572 Gr 50 steel, with Fu =65 ksi for the beam and A36 steel con­
nection angles. 
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Solution. For W 36 x 260, 

tw = 0.840 in. 

Using Table II-A under bolt type A490-X and bolt diameter ~ in., select n = 9 
corresponding to a shear force of 433 k. 

From the table, suggested angle thickness is i in. and length is 26! in. 

Check bearing of nine bolts on 0.840-in. web for Fu = 65 ksi. 

From Table I-E, for bolt diameter of ~ in., bolt spacing of 3 in., and Fu = 65 
ksi, allowable bearing load on l-in.-thick material = 68.3 k. 

Allowable bearing load = 9 x 0.84 in. x 68.3 k = 516.3 k > 390 k ok 

Check bearing of 9 bolts on two i-in. angles with Fu = 58 ksi. 

Assume the typical value of l!-in. vertical edge distance for the top bolt and a 
3-in. fastener spacing (see the figure at the top of Table 11). Since I! in. is less 
than l!d (l~ in.), use Table I-E to determine a value of 36.3 k/in. bearing 
value for the top bolt. The value for the remaining eight bolts is 60.9 k/in. 
Therefore, the capacity of the connection angles is 

(i) x [36.3 + (8 x 60.9)] = 327.2 k > 390/2 = 195 k ok 

Because the beam is not coped, web tear out need not be checked. 

2 - L6 X 4 X ~ -1." 
8 '4 

T rrJ=r 
:or 
N 

," 

1 
2~"~ 

" ","" 
M W36 X 260 
@J 
co 

~ 
~~ 

r- I" ,-1. 
4 
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Example 5.20. Select the number of l-in.-diameter high-strength A325-N bolts 
needed for framing of a W 18 x 55 beam carrying a total load, symmetrically 
placed, of 100 kips. Assume A36 steel and that the beam will be coped. 

Solution. 

Reaction ofW 18 x 55 = I~ k = 50 k 

ForW 18 x 55, 

tw = 0.390 in. 

From Table II-A, for A325-N bolt, l-in. diameter, and an allowable shear of 
55.7 k (>50 k required), select n = 3, angle length I = 8~ in., and angle 
thickness = ft; in. 

Check shear capacity of two 6 x 4 x k in. angles, 8~ in. long. 

From Table I1-C, allowable load on angle if l in. bolts are used is 65.9 k > 
50 k ok. 

Note: since the 55.7 k value in Table II-A has no superscript, it is not required 
to check the shear capacity of the angle for Fy = 36 ksi. 

Check bearing of bolts on beam web: 
Again, assume 1!-in. vertical edge distance and 3-in. fastener spacing. Since 
I! in. is greater than I~d (1~ in.), read 52.2 k/in. from Table I-F for all three 
bolts. Therefore, the allowable load is 

3 x 52.2 x (0.390) = 61.1 k > 50 k ok 

Check bearing of bolts on connection angles: 

50 
3 x 52.2 x (0.3125) = 48.9 k > "'2 = 25 k ok 

Check web tearout (block shear failure): 
From above, Iv = I! in. Using 6 in. x 4 in. framing angles, determine Ih = 
4 - (4 - 2~) - ~ = 2 in. Note that 2~ in. is the usual gage for a 4-in. angle 
leg and that ~ in. is the usual clearance setback. 

From Table I-G, select c( = 1.38 for Iv = I! in. and Ih = 2 in. Also, select 
C2 = 0.99 for n = 3 bolts with a diameter of lin. 
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Web tearout resistance of beam = (C1 + C2)Fu tw 

(1.38 + 0.99)(58)(0.390) = 53.6 k > 50 k ok 

----
1 1 " 

v = "4! 
1 

0 

1" 1 

-+ 1 0 W 18 X 55 h 
r----- 2L 6 X 4 X fs 3" 1 T 0 

1 
~ H-2h=2" 1 " 1-4 

PROBLEMS TO BE SOLVED 

5.1 through 5.4. Calculate the capacity of the tension members and connec­
tions shown. 

L6X6X{-

I 7" 0--; 4 -"8 q, A490-X HSB _ 

(5.1) 

L6X6X{-

3" 
o 0 0 i 3" 
o 0 (y(6- 4 q,A325-N HSB 

(5.2) 

2'; 3" I 3" I 3" I 3" I 3" I 2,1 
2-L6X4X{-

I 

01 0 10 10 10 1 -Ll 3" 
~6-4 q,A490-X HSB'?-'_ 

f 
4" 

L fZZZZ2~:2zzzz2Z21 

(5.3) 



," 1-
2 

~ 

3" 

,------
," 1-2 

BOLTS AND RIVETS 227 

-r plate 

12 -·r '" A502-1 rivets 

W 6 X 15 tension member 

(5.4) 

5.5. Detennine the stagger s such that the loss due to the holes is equal to the 
loss of two holes only. Also detennine the number of ~-in. rp A32S-SC bolts 
required to carry the load. 

1" X 10" plate 

--- p = 120 kip 
° 0jJ]'" _0 ___ ° :~ __ 

° ° " ° ) I 2~ 

5.6. Detennine P and the minimum thickness of the plate for the connection 
shown. a) Use the elastic method. b) Use AISCM design tables. 

p 

1'-3" 

L 
2" II 

I 0 II 0 II I 
3" II I 

0 II 0 I 
II I 

3" II I 

0 II 0 I 
II I 

3" II I 

0 II o-j 8 - i" '" A325·SC HSB 
2" II 

T 

5.7. In the existing construction shown, AS02-1 rivets on-in. diameter were 
used. Inspection revealed that the rivets denoted by A are not usable. Detennine 
the allowable load for the connection with only five good rivets. 
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p II p= 30 kip 
II 

-L 
1'-3" 1-4' 1'-2" 

~I 
2" • I ., 2" I 

0 I 
3" I I 

• IA • I 

3" ~ 
Eq. spes I 

I @3" I ., 
I Ae I 

3" I I 
I I 

"A I " 0 
2" I 

T 
(5.7) (5.8) 

5.S. Detennine the number of i-in. cp A325-X high-strength bolts required to 
carry the 30-k load shown. a) Use the elastic method. b) Use AISCM design 
tables. 

5.9. Detennine the maximum allowable load P for the connection shown. As­
sune six i-in. cp A490-SC bolts. a) Use the elastic method. b) Use AISCM 
design tables. 

p 

L 
' .... --+---1'-2"--.... 

2" 

3" 
t 0 o -r x 10" Plate 
3" 

2" 0 o 
W 12 X 65 Column 

5.10. For the connection shown, detennine the maximum allowable load P if 
a) the load passes through the centroid of the bolt group and b) the load passes 
through the second line of bolts from the top. Assume eight l-in.-diameter 
A325-X bolts. Neglect the prying effect. 

-.! 
2" 
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5.11. For the connection shown, detennine the maximum allowable load P, 
assuming eight l-in.-diameter A325-X bolts. Neglect the prying effect. 

3" 

3" 

3" 

2" 

WT 7 X 34 

W 14 X 68 

5.12 and 5.13. Calculate the maximum allowable spacing of ~-in. cp A490-X 
bolts for the beams shown. Maximum shear force in the beams is 160 kips. Fy 
= 50 ksi. 

C 10 X 20 .f' X 10" Plate 

5.14. A W 27 X 84 is reinforced on the bottom flange with a! x 9 in. plate 
to carry the loading shown. Detennine a) the required spacing on-in.-diameter 
A325-N bolts to connect the plate adequately to the wide flange and b) the 
required number ofi-in.-diameter A325-SC bolts in the tennination region. Use 
A572 Gr 50 steel. 

5.0 klft (includes steel weight) 

l 1 
11+----32 ft·----+ll 

5.15. A W 18 x 65 beam carrying a reaction of 75 kips frames into a W 14 
x 68 column flange. Assuming i-in. cp A490-X bolts and Fy = 36 ksi, com­
pletely design and sketch the framed beam connection, using AISC design ta­
bles. 
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5.16. Rework Problem 5.15, assuming that the top flange of the W 18 x 65 
beam is coped to frame into the web of a W 24 x 62 girder. 

2" 

W 24 X 62 

W 18 X 65 

5.17. A W 24 x 76 beam supports a concentrated load of 300 kips at one of 
its third points. Assuming 50-ksi steel for the beam, 36-ksi steel for the framing 
angles, and ~-in. cf> A325-X bolts, design the end connection for both ends of 
the beam. The beam need not be coped. Use same diameter bolts for both ends. 



6 
Welded Connections 

6.1 WELDED CONNECTIONS 

Welding is the joining of two pieces of metal by the application of heat or 
through fusion. Most welds are of the fusion type, consisting of the shielding 
arc welding process. The surfaces of the members to be connected are heated, 
allowing the parts to fuse together, usually with the addition of another molten 
metal. When the molten metal solidifies, the bond between the members is 
completed. 

Arc welding is performed by either an electric arc or a gas process. Shielding 
is added to control the molten metal and improve the weld properties by pre­
venting oxidation and is usually provided by slag around the electrode used for 
joining the metals. 

Weld symbols used on structural drawings have been developed by the Amer­
ican Welding Society and are reprinted in many manuals, including the AISCM 
(p. 4-155). Any combination of symbols can be used to identify any set of 
conditions regarding the weld joint. Included in the information is weld type, 
size, length, and special processes. 

6.2 WELD TYPES 

The different types of welds are fillet, penetration (groove), plug, and slot welds, 
the most common being fillet and penetration welds. 

Fillet welds are triangular in shape, with each leg connected along the surface 
of one member. When the hypotenuse is concave, the outer surface is in tension 
after shrinkage occurs and often cracks. The outer surfaces of convex-shaped 
welds are in compression after shrinkage and usually do not crack. For this 
reason, convex fillet welds are preferred (see Fig. 6.2). 

The fillet weld size is defined as the side length (leg) of the largest triangle 
that can be inscribed within the weld cross section. In most cases, the legs are 

231 
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Fig . 6 .1. Crown Hall, Illinois Institute of Technology campus, Chicago. 

Throat 

l~ t 
(a) (b) 

Fig. 6.2. Types of fillet welds: (a) convex fillet weld; (b) concave fillet weld. 

of equal length. Welds with legs of different lengths are less efficient than those 
with equal legs (see Fig. 6.3). 

Groove welds are used to join the ends of members that align in the same 
plane. They are commonly used for column splices, butting of beams to col­
umns, and joining of flanges of plate girders (see Fig. 6.4). 

If a groove weld is of greater thickness than the members joined, the weld is 
said to have reinforcement. This reinforcement adds little strength to the weld 

t 
~Throat 

t 
Fig. 6.3. Unequal leg fillet weld. 
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Reinforcement Reinforcement 

~ 
t~lf t + ~ 'f + t~I}-------i: + 

(a) (b) (c) 

Fig. 6.4. Types of groove welds: (a) square groove weld; (b) single-V groove weld; (e) double-V 
partial penetration groove weld. 

0 0 0 

t + t ! i + 
(a) (b) 

Fig. 6.5. Plug and slot welds: (a) plug weld; (b) slot weld. 

but has the advantage of ease of application. This reinforcement, however, is 
not advantageous for connections subjected to fatigue. Tests have shown that 
stress concentrations develop in the reinforcement and contribute to early fail­
ure. For this condition, reinforcement is added and then ground flush with the 
joined members. 

Plug and slot welds are formed in openings in one of two members and are 
joined to the top of the other member. Occasionally they may be used to "stitch" 
together cover plates to another rolled section. Another common practice is to 
add plug welds when the fillet weld is not of adequate length (see Fig. 6.5). 

6.3 INSPECTION OF WELDS 

Failure of welds usually originates at an existing crack or imperfection caused 
by shrinkage, poor workmanship, or slag inclusion. For this reason, it is ad­
vantageous to grind smooth the surface of welds and inspect for imperfections. 
Inspection of welds for cracks can be done in one of the following ways. 

Use of dye penetrants. The surface of the weld, after being cleaned of slag, 
is painted with a dye dissolved in a penetrant. Due to capillary action, the 
dye enters the cracks. The surface is then cleaned of excess penetrant, but 
the dye in the cracks remains, and show up as fine lines. 
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Magnetic inspection. This method is based on the knowledge that disconti­
nuities disturb the unifonnity of magnetic fields. In this method a strong 
magnet is moved along the weld, and the field generated is studied. Any 
sudden variation indicates the existence of a flaw. 

Magnetic particle testing. This method is also based on the property of cracks 
in welds to disturb magnetic fields. In this method, iron powder is scattered 
over the weldment, and a strong magnetic field is generated in the member. 
Cracks in the weld cause the particles to fonn a pattern that can be seen. 

Radiographic inspection. An x-ray generating source placed on one side of 
the welded surface exposed a film placed on the other side with an image of 
the weld and any discontinuities in it. After the film is developed, it is studied 
to detennine the quality of the weld and locate any flaws. 

Ultrasonic testing. An ultrasonic transducer, which injects ultrasonic pulses 
into the weldment, is carried along the weld. Reflections of the pulses off the 
front surface and the back surface of the weld are projected on the screen of 
a cathode ray tube as peaks from a horizontal base line. The presence of a 
third peak indicates the existence of a flaw. 

Although all five methods can be used in the field and in the shop for the 
inspection of welds, magnetic and radiographic inspection are seldom used in 
the field due to the greater amount of equipment and power required. 

6.4 ALLOWABLE STRESSES ON WELDS 

AISCS Table J2.5 (reproduced here as Table 6.1) lists allowable weld stress 
and required strength levels for various types of welds. For fillet welds, the 
type most commonly used, the allowable weld shear stress is limited to 0.30 
times the nominal tensile strength of the weld metal. In addition, the electrode 
must be at a strength level equal to or less than the "matching" weld metal. 
According to the American Welding Society (A WS) Structural Welding Code 
A WS D1.1, for A36 steel, E60 or E70 electrodes are pennitted; for A572 Gr 
50 and A588 Gr 50, E70 electrodes must be used. The "E" indicates electrode, 
and the number following E indicates the ultimate tensile capacity of the weld 
in ksi. 

In the sections which follow, full and partial penetration welds will not be 
discussed. The reader is referred to the relevant areas in AISCS J2 and pp. 4-
152ff for infonnation on prequalified welds of these types. 

6.5 EFFECTIVE AND REQUIRED DIMENSIONS OF WELDS 

According to AISCS J2.2a, the area of fillet welds is considered as the effective 
length of the weld times the effective throat thickness. The effective throat 
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Table 6.1. Allowable Stress on Welds' (AISCS Table J2.5; reprinted with 
permission). 

Type of Weld and Stress" Allowable Stress 
Required Weld Strength 

Levet· c 

Complete-penetration Groove Welds 

Tension nonnal to effective 
area 

Compression nonnal to 
effective area 

Tension or compression 
parallel to axis of weld 

Shear on effective area 

Compression nonnal to 
effective area 

Tension or compression 
parallel to axis of weld' 

Shear parallel to axis of weld 

Tension nonnal to effective 
area 

Shear on effective area 

Tension or compression 
Parallel to axis of weld' 

Shear parallel to faying 
surfaces (on effective area) 

Same as base metal 

Same as base metal 

Same as base metal 

0.30 x nominal tensile 
strength of weld metal (ksi) 

Partial-penetration Groove Weldsd 

Same as base metal 

Same as base metal 

0.30 x nominal tensile 
strength of weld metal (ksi) 

0.30 x nominal tensile 
strength of weld metal (ksi), 
except tensile stress on base 
metal shall not exceed 0.60 
x yield stress of base metal 

Fillet Welds 

0.30 x nominal tensile 
strength of weld metal (ksi) 

Same as base metal 

Plug and Slot Welds 

0.30 x nominal tensile 
strength of weld metal (ksi) 

aFor definition of effective area. see Sect. J2. 
bFor "matching" weld metal. see Table 4.1.1. AWS 01.1. 

"Matching" weld metal shall 
be used. 

Weld metal with a strength 
level equal to or less than 
"matching" weld metal is 
pennitted. 

Weld metal with a strength 
level equal to or less than 
"matching" weld metal is 
pennitted. 

Weld metal with a strength 
level equal to or less than 
"matching" weld metal is 
pennitted. 

Weld metal with a strength 
level equal to or less than 
"matching" weld metal is 
pennitted. 

CWeld metal one strength level stronger than "matching" weld metal will be permitted. 
dSee Sect. J2.lb for a limitation on use of partial-penetration groove welded joints. 
'Fillet welds and partial-penetration groove welds joining the component elements of built-up members. sue. as 
flange-to-web connections. may be designed without regard to the tensile or compressive stress in these elements 
parallel to the axis of the welds. 
fThe design of connected material is governed by Chapters 0 through O. Also see Commentary Sect. J2.4. 
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Table 6.2. Minimum Size Fillet Weld (AISC Table J2.4; 
reprinted with permission). 

Material Thickness of Thicker Part Joined 
(Inches) 

To i inclusive 
Over ito! 
Over! to ~ 
Over i 

Minimuma Size of Fillet Weld 
(Inches) 

1 
8 
3 

T6 
1 

" 5 
T6 

aLeg dimension of fillet welds. Single-pass welds must be used. 

thickness for fillet welds is defined as the shortest distance from the root to the 
face of the weld. For welds with equal legs, the distance is equal to J2 /2 or 
0.707 times the length of the legs. Reinforcement, if used, is not to be added 
to the throat thickness. The effective length of the weld is the width of the part 
joined. 

The size of fillet welds shall be within the range of minimum and maximum 
(AISCS J2.2b) weld sizes. The minimum weld size is determined by the thicker 
of the parts joined, as given in Table 6.2. Nevertheless, it need not exceed the 
thickness of the thinner part unless a larger size is required by calculated stress. 

The maximum size of a fillet weld is determined by the edge thickness of the 
member along which the welding is done. Along edges of material less than! 
in. thick, the maximum size may be equal to the thickness of the material. 
Along the edges of material! in. thick or more, the maximum weld size is rt, 
in. less than the thickness of the material, unless the weld is built up to obtain 
full throat thickness. 

Wherever possible, returns shall be included for a distance not less than twice 
the nominal size of the weld. If returns are used, the effective length of the 
returns is added to the effective weld length. 

The minimum length of fillet welds shall be not less than four times the nom­
inal size, or else the size of the weld shall be considered not to exceed one­
fourth of its effective length. For intermittent welds, the length shall in no case 
be less than 11 in. All of these requirements, as well as those for lap joints, are 
shown in Fig. 6.6. 

For plug and slot welds, the effective shearing area is the nominal cross­
sectional area of the hole or slot in the plane of the faying (connected surface) 
member (AISCS J2.3a). Fillet welds in slots or holes are not to be considered 
as plug or slot welds and must be calculated as fillet welds. Size requirements 
for plug and slot welds are given in AISCS J2.3b and shown in Fig. 6.7. 

In material i in. or less in thickness, the weld thickness for plug or slot welds 
shall be the same as the material. In material over i in. thick, the weld must be 
at least one-half the thickness of the material, but not less than i in. 



Effective lenqth L. ~ 4w ~ 1 ~" 

If L. " 4w then will . ,,~ L 

L.p ~ Wp 
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WT ~ 5t ~ 1 " 

where t z thickness 
of th inner plate 

Fig. 6.6. Minimum effective length and overlap of lap joints. 

Slot welds 

L " 10tw 

2 ~ tw ~W~ t,- +-&" 
ST ~ 4W 

SL ~ 2L 

r ~ tll. 

Plug welds 

S ~ 4D 

Fig . 6.7. Requirements for plug and slot welds. 
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Welds may be used in combination with bolts, provided the bolts are of the 
friction type (AISCS J .10) and are installed prior to welding. 

6.6 DESIGN OF SIMPLE WELDS 

Fillet welds are usually designed such that the shear on the effective weld area 
is less than that allowed (see Table 6.1). Once the type and size of weld to be 
used have been determined, the required weld length is determined by 

P 
i=­
w Fw 

(6.1) 

where P is the design load and F w is the weld capacity per inch of weld. The 
weld length is taken to the next greater! in. The allowable shearing stresses 
are 21 ksi for E70 and 18 ksi for E60 electrodes. Since the stress is calculated 
through the effective throat for the length of the weld, the weld strength per 
inch of length is determined at the allowable stress times the effective throat. 

The weld strength is usually calculated for I-in. length of ~-in. fillet weld. 
Thus the stress value of various welds is determined by multiplying the weld 
stress per sixteenth by the number of sixteenths. Returns should be added to 
fillet welds when feasible. In some cases, it is easier to weld continuously from 
one comer to the other. In any case, the effective weld length is the sum of all 
the weld lengths, including returns (AISCS J2.2b). 

Example 6.1. Determine the strength of a fu-in. fillet weld. 

f Throat;p§ -"-
16 

+ 
Solution. The allowable stress of E70 electrodes is 0.30 the nominal tensile 
strength of the weld metal (AISC, Table J2.5). 

Allowable weld stress = 0.30 (70 ksi) = 21.0 ksi 

The weld strength per inch (F w) is the allowable stress times the effective throat. 
For a fu-in. weld, the throat is 

(sin 45°) x (-fuin.) = 0.707 x -fuin. = 0.221 in. 

Fw = Allowable weld stress x lthroat = 21.0 ksi x 0.221 in. = 4.64 k/in. 
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The effective throat thickness for equal leg welds per sixteenth inch of weld is 

(-h in.) x (0.707) = 0.0442 in. 

MUltiplying the throat by the allowable stress gives the weld strength per inch 
per sixteenth. For E70 electrodes, the allowable stress is 

0.0442 in. x 21.0 ksi = 0.928 k/in. / sixteenth inch 

From this, the weld strength can be determined by multiplying the number of 
sixteenths in the weld leg. As above 

5 sixteenths x 0.928 k/in./sixteenth = 4.64 k/in. 

For E60 electrodes, the weld strength is 

0.928 (~) = 0.795 k/in.jsixteenth inch 

Example 6.2. A ~-in. fillet weld is used to connect two plates as shown. De­
termine the maximum load that can be applied to the connection. 

Solution. For welding 

For connected members 

I 
I 
I 
I fX 5" It ~ -p 
I 
I 
I 

I I 

Pmax = An X 0.5 Fu (AISCS Dl) 

Since An = Ag and 0.5 Fu > 0.6 Fy , use 

Pmax = A x 0.6Fy 
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Using the general relationship shown in Example 6.1 

Fw = 5 sixteenths x 0.928 k/in./sixteenth = 4.64 k/in. 

Pmax = lw X Fw = (6 in. + 5 in. + 6 in.) X 4.64 k/in. = 78.9 k 

For! in. X 5-in. bar 

P max = A X 0.6 Fy = (! in. X 5 in.) X (22.0 ksi) = 55.0 k 

For i-in. X 8-in. bar 

Pmax = A X 0.6 Fy = (i in. X 8 in.) X (22.0 ksi) = 66.0 k 

The connections capacity is 55.0 kips resulting from the ! in. X 5 in. member 
allowable stress. 

Example 6.3. For the members shown below, determine: 

a) the minimum fillet weld length and corresponding weld size. 
b) the minimum weld size and corresponding fillet weld length. 

L ' X 4.1" 

P-OJ)~p 
-l Find I-

L' X 4.1" 

p-1 I:'d lt~ p 
(.) (b) 

Solution. 

• Case a): 

1. Use U = 0.75 
Minimum weld length = plate width = 4.5 in. (AISCS B3) 
Plate capacity: 

[
22 X 2.25 = 49.5 k 

P max = lesser of 
29 X 0.75 X 2.25 = 48.9 k (governs) 
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From eqn. (6.1): 

48.9 /. 
Fw = 2 X 4.5 = 5.43 k In. 

Define D = number of sixteenths of an inch in fillet weld size. Then, 

5.43 k/in. = D x 0.928 k/in./sixteenth 

D = 5.9 sixteenths, Use D = 6 -+ weld size = i in. 

2. Minimum weld size = kin. (AISCS Table J2.4) 

D = 3 

Fw = 3 x 0.928 = 2.78 k/in. 

Try U = 0.87: 

[
22 x 2.25 = 49.5 k (governs) 

P max = lesser of 
29 x 0.87 x 2.25 = 56.8 k 

Weld length = 2 ~9; 78 = 8.9 in. Use 9 in. 

Check initial assumption: 

2 X 4.5 = 9 > 8.9 > 1.5 x 4.5 = 6.75 (AISCS B3) 

Therefore, U = 0.87, as assumed. 

• Case b): 

U=1 

Plate capacity: 

[
22 x 2.25 = 49.5 k (governs) 

P max = lesser of 
29 x 2.25 = 65.3 k 

1. Use maximum allowed weld size to minimize weld length: 
From AISCS J2.2b, use w = ~ in. -+ D = 7. 
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Fw = 7 x 0.928 = 6.5 k/in. 

49.5 
Total weld length = -- = 7.6 in. 

6.5 

W ld I h h·d 7.6 - 4.5 . e engt on eac Sl e = 2 = 1.55 ID. 

1.55 in. > 2 X 2. = 0.875 in., which is the minimum 
16 return length (AISCS J2.2b) 

Therefore, use Ii-in. weld length on each side. 

2. Minimum D = 3 

Fw = 3 x 0.928 = 2.78 k/in. 

49 .5 
Total weld length = -- = 17.8 in. 

2.78 

17.8 - 4.5 
Weld length each side = 2 = 6.65 in. 

Use ~-in. weld length on each side. 

Example 6.4. For the member below, determine the required length of weld 
when the minimum-size fillet weld is used . 

. L' x 4~" 
1" X 6" 2 2 p-@ -p 
-I Find I-

Solution. Assume that U = 0.87 
From Example 6.3: 

Pmax = 49.5 k, minimum D = 3, total weld length = 17.8 in. 

Minimum return length = 2 x (rl,) = 0.375 in. 

17.8 - (2 x 0.375) _ 8 . 
Weld length each side = 2 - .53 ID . 
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Check initial assumption for U: 

2 X 4.5 = 9 > 8.53 > 1.5 X 4.5 = 6.75 ok 

Use 8i-in. weld length on each side. 

Example 6.5. Determine the allowable tensile capacity of the connection 
shown. Use a ~-in. fillet weld with E60 electrodes. 

P - .... ~ ·fx 12·· t 
I 

8"" 

L 

Solution. 

Angle capacity: 

Plate capacity: 

Weld capacity: 

_ [22 X 8.36 = 183.9 k (governs) 
Pmax -

29 x (0.85 X 8.36) = 206.1 k 

Pmax = (0.75 X 12) x 22 = 198 k 

For E60 welds, 

Fw = 6 x 0.795 k/in./sixteenth = 4.77 k/in. 

lw = 12 + 8 + 12 = 32 in. 

Pmax = 4.77 x 32 = 152.6 k 

Since the weld capacity is less than the steel capacity, the allowable tensile 
capacity of the connection is 152.6 k. 

Note: Although the weld lengths on each side are equal, the effects of the ec­
centricity can be omitted (see AISCS 11.9). 
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At times, combinations of welds may be necessary to develop sufficient 
strength. For weld combinations, the effective capacity of each type shall be 
separately computed, with reference to the axis of the group, in order to deter­
mine the allowable capacity of the combination (AISCS J2.5). 

Example 6.6. A 12 x 30 channel (A572 Gr 50 steel) is to be connected to 
another heavy member (A36 steel) using ft-in. E70 fillet welds. Due to clear­
ance limitations, the two members can overlap only 5 in., as shown. Determine 
the distance I so that the connection capacity is 170 kips. 

170kip _ 

Solution. 

~ 
C 12 x 30 4"' 12"' 

1======::::::::::!===111 

Fw = 7 x 0.928 = 6.5 k/in. 

170 k 
lw = 6 k/· = 26.15 in . . 5 In. 

The maximum length outside the slot is 

(5 in. + 5 in. + 4 in. + 4 in.) = 18.0 in. 

The fillet weld length required in the slot is 

26.15 in. - 18.0 in. = 8.15 in. 

slot = 4 in. + 21 = 8.15 

1 = 2.08 in. use 2! in. 
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Example 6.7. Redesign the channel connection in Example 6.6 as a combi­
nation fillet and slot weld to support the same applied load. Use 4 in. overlap, 
as shown. 

A 
Y 

r---4 ·· -j 

I--jW,l-l 
170kip ___ .... ~ C 12 x 30 I 12·· 

I J I 

A 
Y 

Solution. Because the web thickness is ~ in., the maximum fillet weld size is 
!~ in. (AISCS 12.2b). 

Fw = 7 X 0.928 k/in./16th = 6.5 k/in. 

Allowable slot weld stress = 0.30 X 70.0 ksi = 21.0 ksi (AISCS, Table 12.5). 

Assume that the width of the slot weld is 1 in. 

Capacity of fillet weld 

P max = 6.5 k/in. X (4 in. + 12 in. - 1 in. + 4 in.) = 123.5 k 

Balance to be resisted by slot weld 

Pha! = 170.0 k - 123.5 k = 46.5 k 

Design of slot weld 

The thickness of slots welds in material i in. or less in thickness shall be equal 
to the thickness of the material (AISCS 12.3). 

:. Weld thickness = ! in. (thickness of material) 

Minimum width of slot weld = ~ in. + fr, in. = ~ in. 

Maximum width of slot weld = 2! x ~ in. = 1 ~ in. 
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Maximum length of slot weld = 10 x ! in. = 5 in. 

Effective shearing area = width x length 

Try I-in.-wide slot weld 

l 46.5 k/2 O· . I . 
w = --- 1. kSI = 2.21 In. say 24- In. 

1.0 in. 

Try ti in. wide slot weld 

lw = ~~.~ kj21.0 ksi = 2.73 in. 
-In. 
16 

Try IA-in.-wide slot weld 

3. 
say 24 In. 

lw = ~ 21.0 kSI = 1.97 In. say 2 in. 46.5 kj . . 

-In. 
16 

Use any slot weld above in combination with ~-in. fillet weld. 

When calculated stress is less than the minimum size weld, intermittent fillet 
welds may be used. The effective length of any segment of fillet weld shall be 
not less than four times the weld size nor I! in. (AISCS J2.2b). 

Example 6.8. A bUilt-up beam consisting of I-! in. X 14 in. flanges and! in. 
X 42 in. web is subject to a maximum shear of 160 kips. Determine the fillet 
weld size for a continuous weld and an intermittent weld. 

1-( X 14" It 

-( x 42" It 

1-( X 14" It 
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Solution. The stress in the weld is found by the shear flow at the intersection 
of the web and flanges. The required weld size is the shear flow divided by the 
allowable weld stress per inch per sixteenth inch weld leg. 

v = 160 kips 

Q = Ay = (1.5 in. X 14 in.) x 21.75 in. = 456.8 in.3 

0.5 in. x (42 in.)3 2 5 . 2 
1= 12 + x [(1. lD. X 14 in.) X (21.75 in.) ] 

= 22960 in.4 

_ (160 k X 456.8 in.3) _ 3 8 k/' 
qv - 22960 in.4 -.1 lD. 

Fw = 0.928 k/in./sixteenth weld leg 

3.18 k/in. 1 
D = = 1.72 sixteenths use -8 in. weld 

2 x 0.928 k/in. 

The minimum weld size for a thickness of i in. or more (thicker part joined) is 
s . 
n; lD. 

Use it;-in. E70 continuous weld. 

If intermittent fillet weld is to be used, assuming ~-in. weld: 

Fw = 6 x 0.928 k/in./sixteenth = 5.57 k/in. 

qv = 3.18 k/in. x 12 in./ft = 38.15 k/ft 

I 38.15 k/ft . /ft 31 . 
w = 2 x 5.57 k/in. = 3.42 lD. say 2" lD. 

Use ~-in. weld 3! in. long, 12 in. on center. 

Note: The use of intermittent fillet weld is acceptable for quasi-static loading. 
In case of fatigue loading-which is beyond the scope of our study here-in­
termittent fillet welds become for all practical purposes unusable. See Appen­
dix A. 

Example 6.9. A W 24 x 104 has 1 in. x 10 in. cover plates attached to the 
flanges by it; in. E70 fillet welds as shown. Determine the length of connecting 
welds for a location where a 11O-kip shear occurs. 
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1" X 10" 
Cover plate (typ) 

W 24 X 104 

Solution. The shear flow at the connection of cover plates is 

where V = 110 kips 

Q = Ay = (1 in. X 10 in.) x 12.53 in. = 125.3 in. 3 

I = 3100 in.4 + 2 x (1 in. x 10 in.) x (12.53 in.)2 = 6240 in.4 

= 110 k x 125.3 in. 3 = 221 k/' 
qv 6240 in.4 . 1o. 

Fw = 2 x (5 x 0.928 k/in./sixteenth) = 9.28 k/in. 

2.21 k/in. X 12 in. 1ft . I . . . 
lw = 9 28 I' = 2.86 1o. ft say 3 1o. at 12-10. spac10g 

. k 1o. 

Use lG-in. E70 welds 3 in. long, 12 in. on center. See note, Example 6.8. 

Example 6.10. Design welded partial length cover plates for the loading shown 
using a W 24 x 76 section. Assume full lateral support. 

20 kip 20 kip 20 kip 



Solution. Wide-flange beam properties 

Shear and moment diagrams 

56 kip 

W 24 X 76 

A = 22.4 in.2 

d = 23.92 in. 

b, = 8.99 in. 

I = 2100 in.4 

S = 176 in. 3 

-----10kip 
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-10 kip ----- -23 kip 
-43 kip 

-----.I-56 kip 

~=z ---1--660 ft-kip 

Mmax = 660 ft-k 

M 
S=-

F/ 
Fb = 24.0 ksi 

Sreq = 330 in. 3 

Available capacity of W 24 x 76 

SWF = 176 in. 3 

Additional capacity required 

Spl = 330 in. 3 - 176 in. 3 = 154 in.3 

Determine the moment of inertia of the entire section to determine required plate 
size. 
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2 • 4 (23.92 in. + t»)2 
1 = IWF + 2Apl d = 2100 10. + 2(bt) 2 

= 2100 in.4 + ~ (23.92 in. + t)2 (bt) 

S = £ = 4200 in.4 + (2~.92 in. + t)2 (bt) = 330 in. 3 

c 23.92 10. + 2t 

Selecting t = 1 in., b = 7 in., S becomes 329.7 in. 3 

To detennine the theoretical cutoff points, superimpose the moment capacity 
and moment diagrams. 

Moment capacity of beam without cover plates 

SWF X Fb = 176 in.3 x 24 ksi = 352 ft-k 
MWF = 12 in. 1ft 12 in. 1ft 

352 ft -kip ~ /1352 ft -kip t I~ ~I Moment capacity 
~ ~ of beam alone 

660 ft -kip !--___ ~= ___ =:......-. ___ ___l 

x-=.j 56x - 1.3X; = 352 ft -kip 

0.65 X2 - 56 X + 352 = 0; 

28 ± ../282 - (.65 X 352) 
X = .65 = 6.83 ft, 49.17 ft. 

Detennine welds 

Maximum shear flow at cover plates occurs at cutoff points. 

v = :.( k - (6.83 ft X 1.3 k/ft) = 47.12 k 

1 = 10 + Ad2 = 2100 in.4 + 2(1 in. X 7 in.) C3.9; in. + 1 ~n.) 2 

= 4274 in.4 

. . (23.92 in. 1 in.) 3 
Q = ApI d = (110. X 7 10.) 2 + -2- = 87.22 in. 

= VQ = 47.12 k X 87.22 in.3 = 096 I' 
q 1 4274 in.4 . k 10. 
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Use minimum intermittent fillet weld. For I-in. cover plates, the minimum size 
fillet weld = fc; in. See note, Example 6.8. 

Fw = 0.928 k/in./sixteenth x 5 sixteenths x 2 sides = 9.28 k/in. 

Force to be carried per foot = 0.96 k/in. x 12 in. /ft = 11.54 k/ft 

11.54k/ft 
9.28 k/in. 

1.24 in./ft 

Minimum weld length = 4 x weld size but not less than 1~ in. 

5 . 
4 x 16 m. 

1 . 1 
14 m. use 12 in. intermittent welds (AISCS J2.2b) 

Partial-length cover plates must be extended past the theoretical cutoff point for 
a distance capable of developing the cover plate's portion of flexural stress in 
the beam at the theoretical cutoff point (AISCS BIO). In addition, welds con­
necting cover plates must be continuous for a distance dependent on plate width 
and weld type and must be capable of developing the flexural stresses in that 
length. 

The AISC Commentary B 10 shows that the force to be developed by fasteners 
in the cover plate extension is 

H = MQ (C-BI0-l) 
I 

H = MQ = 352 ft-k x 12 in.(ft x 87.22 in. 3 = 86.20 k 
I 4274 m.4 

Design welds in plate extension to be continuous along both edges of cover 
plate, but no weld across end of plate. 

a' = 2 x b = 14 in. (AISCS BIO) 

Weld capacity = 2 x 14 in. X (5 x 0.928 k/in.) = 129.9 k > 86.2 k ok 

Plate extension is adequate. Use partial cover plates as shown in sketch. 
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_---- Theoretical cutoff points-____ _ 

--------26'-4"--------+-'-+---

-"-
16 

14 
I· 

1"XT'1( 

1"XT'1( 

-"-
16 

14 

Example 6.11. For the continuous beam shown, choose a wide-flange beam 
to resist positive bending, and design a welded partial cover plate where re­
quired for negative bending. Assume full lateral support. In the analysis, ne­
glect the additional stiffness created by the cover plate. 

2.5 kip/ft f II I I!!! I I I!I TI I I!!! !!!! IIII 
50' .- 50' • 

Solution. Shear and moment diagrams 

78.12 kip 

46.88 kip 

46.88 kip 

78.12 kip 

439 ft ·kip 439 ft ·kip 

Selection of wide flange 

Maximum positive moment = 439 ft-k 
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Here the effect of redistribution of moments has not been used. See Chapter 3 
for discussion of redistribution (AISCS PI). 

Select W 24 x 94 (Mmax = 444-ft-k) 

A = 27.7 in. 2 

d = 24.31 in. 

bf = 9.065 in. 

1 = 2700 in.4 

S = 222 in. 3 

Total section modulus required 

Try t = 1~ in 8 . 

Maximum moment = 781 ft-k 

M 1 
S = - = 391 in. 3 = -

Fb C 

1 2700 · 4 2 b (24.31 in. + t))2 = tn. + (t) 2 

2700 in.4 + ~ bt(24.31 in. + t)2 . 

S = = 391 tn. 3 
24.31 in. 

2 
+ t 

b _ (12.155 in. + t) x 391 in.2 - 2700 in.4 _ . 
- 1 - 5.71 tn. say 6 in. 

2t (24.31 in. + t)2 

1 = 2700 in.4 + 2(6 in. 1 375·) (24.31 in. 1.375 in.)2 x. tn. X 2 + 2 

= 5421 in.4 

S = 400 in. 3 ok 

To determine theoretical cutoff point, assume that beam has constant moment 
of inertia. Actual beam behavior is such that a slight difference in moments will 
occur with varying I. 
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2.5 kip/ft IIIII j I j jill j I j III!) 
46.88 kip!-------x .1444 ft ·kip 

1.25 x 2 - 46.88 x - 444 = 0; 

23.44 + ~23.442 + (1.25 x 444) 
x = = 45.34 ft 

1.25 

Maximum shear flow at cover plates occurs at support. 

V= 78.1 k 

d . 6' (24.31 in. 1.375 in.) - 1060· 3 Q = ApI = (1.375 Ill. X Ill.) 2 + 2 - . Ill. 

VQ 78.1 k X 106.0 in. 3 I 
q = - = = 1.53 kin. 

I 5421 in.4 

Minimum fillet weld size = ft in. 

Fw = 0.928 k/in./sixteenth X 5 sixteenths X 2 sides = 9.28 k/in. 

Force to be carried per foot = 1.53 k/in. X 12 in./ft = 18.36 k/ft 

18.36 k/ft . . .. 
I = 1.98 Ill. say 2 Ill. length of Illtermlttent weld 

9.28 kin. 

1 
Minimum intermittent weld length = 12 in. < 2 in. ok 

Plate extension 

Use continuous welds along both edges of cover plate and across end of plate. 

a' = 1.5 X b = 9 in. (n, in. < i X 1.375 in. = 1.03 in.) 

Weld capacity = [(2 X 9 in.) + 6 in.] X (5 x 0.928 k/in.) = 111.4 k 

Required force 

M_Q = 444 ft-k x 12 in. 1ft x 106 in. 3 = 104 k < 111.4 k ok 
I 5421 in.4 
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6.7 REPEATED STRESSES (FATIGUE) 

When a weld is subjected to repeated stresses, the centroids of the member and 
weld shall coincide (AISCS J1.9). For non symmetrical members, unless pro­
vision is made for eccentricity, welds of different lengths are necessary. See 
Appendix A for further details. 

Example 6.12. One leg of a 6 x 6 x i-in. angle is to be connected with side 
welds and a weld at the end of the angle to a plate behind. Design the connection 
to develop full capacity of the angle. Balance the fillet welds around the center 
of gmvity of the angle, using the maximum size weld and E60 electrodes. 

: ~'~$'~8'<'11 

~ II f 6" --L .~ 
p- ---+---- 1.73,,- tl 

.0~, .~ .f «, ":";"'~~,, ~ 

1----22 I Pt. A 

J1 
y 

Solution. To have the shortest connection, select the maximum size weld. 

5 1 . 9 . 
Maximum weld size = 8 in. - 16 m. = 16 m. 

P max = Ag x 0.60 Fy = 7.11 in. 2 X 22.0 ksi = 156.4 k 

Fw = 9 X 0.795 k/in./sixteenth = 7.16 k/in. 

156.4 k . 
Iw = k/' = 21.84 m. 7.16 m. 

Summing moments of weld fillets about point A 

1.73 in. X 21.84 in. = 6 in. (II) + 3 in. (6 in.) 

II = (37.78 - 18.0)/6 = 3.3 in. say 3! in. 

12 = 21.84 in. - 6 in. - 3.5 in. = 12.34 in. say 12! in. 
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Note: This case is typical of a connection with repeated variations of stresses. 
Though desirable, it is not required to design for eccentricity between the grav­
ity axes in statically loaded members, but this is required in members subject 
to fatigue loading (AISCS n. 9). 

Example 6.13. A 7 x 4 x ~-in. angle is to be connected to develop full ca­
pacity as shown to plate using fc,-in. welds. Determine II and 12 so the centers 
of gravity for the welds and angle coincide. 

Solution. 

: I 
p -- I-====--:II~~----~-------~,...,.~I _ __I r 2.37" ~ 

Pmax = Ag x Ft = 3.98 in.2 x 22.0 ksi = 87.56 k 

Fw = 5 x 0.928 k/in. = 4.64 k/in. 

Iw = 87.56 k/4.64 k/in. = 18.87 in. 

Summing moments of weld fillets about point A 

2.37 in. X 18.87 in. = 7.0 in. X II 

IJ = 44.72 in? /7.0 in. = 6.39 in. say 6! in. 

12 = 18.87 in. - 6! in. = 12.37 in. say 121 in. 

Lengths of welds as determined may be used. However, to satisfy AISC end 
return requirements, see the following example. 

Example 6.14. Same as Example 6.13, but include end returns. 

Solution. Side or end fillet welds terminating at ends or sides, respectively, of 
parts or members shall, wherever practicable, be returned continuously around 
the comers for a distance not less than two times the nominal size of the weld 
(AISCS J2.2b). 
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Solution. 

.. ~ I 
p- I ---I 

"'0'X$m';="~%= 11 
7" 

12.37" , ~ 
·:;::::;':;;):-;9;.;::"~;,,:iW.%:;:;:.:«;:;:4m·;Q»:-»:«;:':Q»"..:v..:6 ' 

1-----~7 I Pt. A 

P = 87.56 k 

Iw = 18.87 in. 

Minimum end return = 2 x n in. = i in. 

I) + 12 + (2 x i in.) = 18.87 in. 

I) + 12 = 17.62 in. 

Summing moments about point A 

2.37 in. x 18.87 in. = -& in. (i in.) + (7 in. - f6 in.) (i in.) + 7(/)) 

I) = (44.72 - 0.20 - 4.18)/7 = 5.76 in. say 5i in. 

12 = 17.62 in. - 5i in. = 11.87 say 12 in. 

6.S. ECCENTRIC LOADING 

When eccentric loads are carried by welds, either shear and torsion or shear and 
bending may result in the weld (see Figs. 6.8 and 6.9, respectively). For the 
case of shear and torsion, the force per unit length is determined by 

f= Td 
J 

(6.2) 

where T is the torque, d is the distance from the center of gravity of the weld 
group to the point in consideration and J is its polar moment of inertia. The 
polar moment of inertia is given as the sum of the moment of inertia in the x 
and y directions, i.e., J = Ix + Iy • The direction of the force is perpendicular 
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p 

Fig. 6.8. Shear and torsion condition in welds. 

to the line connecting the point and the center of gravity of the weld group. For 
ease of computation, the distance d is usually reduced to its horizontal (h) and 
vertical (v) components. 

If the horizontal and vertical components of the force applied to the centroid 
are, respectively, PH and Pv, the moment M and the total length of weld I in 
inches, the stresses due to the direct force are 

Stresses due to the moment are 

Mv 
ih,M = J 

Pv 
iu,p = T 

Mh 
iu,M = J 

(6.3) 

(6.4) 

The resultant shear force is then computed by taking the square root of the 
squares of the components, 

(6.5) 

When computing the weld size, a I-inch weld is usually used so that the weld 
area is easily computed. The weld size required is then determined by dividing 
the resultant shear force by the allowable shear stress of the weld. 

Example 6.15. Determine the maximum eccentric load P in kips acting as 
shown. Weld size = ~". 
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p 

r--s" 
T 
6" 

l----t---J 

Solution. 

Determine J of the weld group: 

T = 7 in. X P 

Direct shear stress: 

1 X (6)3 
I = 2 x = 36 in.4 

x 12 

Iy = 2 x 6 x 1 X (3)2 = 108 in.4 

J = Ix + Iy = 144 in.4 

P 
Iv = 2 x 6 = 0.0833P 

Ji. = 0 

Torsional shear stress: 

7P x 3 
Iv = 144 = 0.1458P 

7P x 3 
Ji. = 144 = 0.1458P 

Resultant shear stress: 

j,. = .J(O.1458Pi + (O.0833P + 0.1458P)2 = 0.2716P 

j,. = Fw = 4 x 0.928 = 3.71 k/in. 

P = ~ = 13.7k 
0.2716 
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Example 6.16. Detennine the minimum weld size to resist the load shown. 

7 kip 

r ·.··· 
::~ 

L i,!"'+_---1r __ -_~ ._. p_la_t_:·--l.r_" 

0.67" -l 3.33" 

·r Plate 

Solution. It is not obvious which comer is critically stressed. Therefore, the 
stresses at both A and B must be computed. 

Td 
1= J' T = 7 k x 4.0 in. = 28 in.-k 

(2.67 in.)3 (5.33 in.)3 4' 2 • 2 (0.67 in.)3 
J = 3 + 3 + ( Ill. x (2.67 Ill.) ) + 3 

(3.33 in.)3 2 2 4 + 3 + (8 in. X (0.67 in.) ) = 101.33 in. 

The shearing stress of the applied force is broken down into horizontal and 
vertical components and combined with the torsional components. 

• Direct shear stress 

0.707 x 7 k _ 04 2 j' 2 Iv =. . . -. 1 k Ill. 
1 Ill. x (4 Ill. + 8 Ill.) 

0.707 x 7 k j' 2 
jj, = 1 . (4 . 8 . = 0.412 k Ill. 

Ill. X Ill. + Ill.) 



• Torsional components 

Point A 
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J. = 28 in.-k X 3.33 in. = 092 k/· 2 
v . 4 . ffi. 

101.33 ffi. 

= 28 in.-k X 2.67 in. = 0 74 k/·n 2 
Ji. 101.33 in.4 . 1 • 

See sketch for force orientation. 

J,. = .J(0.412 + 0.92i + (0.74 - 0.412i = 1.37 k/in. 2 

f, = 1.37 kip/in.2 

'" 0.92' r--I 0.'" 0." 

Weld stress-Point A 

Point B 

28 in.-k X 0.67 in. / 2 tv = 4 = 0.19k in. 
101.33 in. 

28 in.-k X 5.33 in. / 2 
Ji. = 101.33 in.4 = 1.47 kin. 

See sketch for force orientation 

J,. = .J(0.19 - 0.412)2 + (0.412 + 1.47)2 = 1.90 k/in. 2 

[
.412 1.47 --

0.412~ 

/0.19 t 
f, = 1.90 kip/in.2 

Weld stress-Point B 
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The most stressed point of the weld is Point B. 

For a I-in. weld 

Fw = 16 X 0.928 k/in. = 14.85 k/in. 

1.90 k/in. 2 • 1 
Wsize = 85 k/· = 0.13 In. use 4- in. minimum weld size 

14. In. 

Example 6.17. What load P can be supported by the connection shown? The 
weld is ft in. E60 electrode. 

Solution. 

Th Td 
Iv = J' T = Pe; h. = J 

Locating the C.G. of the weld group 

Assuming a I-in. weld 

5 in. X 2.5 in. X 2 
------- = 1 in. 
(5 in. X 2) + 15 in. 

( 1(15)3) (15)2 J = (Ix + Iy)weld = ----u- + (1 X 5) 2" X 2 + (1 X 15) (1)2 

+ 2 X [(;3 + (i 3
] = 902.08 in.4 

e = 7 in. + 4 in. = 11 in. 
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Solving for components 

shear 

p 
J. - = 0.040 P 

v - (5 in. + 15 in. + 5 in.) x 1 in. 

torque 

J. = 11 in. x P x 4 in. = 0 8 P 
v 902.08 in.4 .048 

fi = 11 in. x P x 7.5 in. = 0 09 5 P 
h 902.08 in.4 . 1 

resultant 

fr = P.J(0.0488 + 0.040)2 + (0.0915i = 0.1275 P 

Since fr is determined assuming a I-in. weld, conversion for ft.-in. weld is nec­
essary. 

Fw = 5 x 0.795 k/in. = 3.98 k/in. 

0.1275 P = 3.98 k/in. 

3.98 k/in. 
P = 0.1275 (l/in.) = 31.2 k 

For welds subjected to shear and bending, the shear is assumed to be uniform 
throughout the member. The weld is designed to carry the shear and maximum 
bending stress. The resulting shear force is the square root of the sum of the 
squares of the shear force and the bending force. Referring to Fig. 6.9, the 
shear stress due to the applied load P is 

Iv =!j (vertical) (6.5) 

where I is the total weld length. In addition, the bending stress is given by 

M Ib = - (horizontal) 
S 

(6.6) 
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where M = Pe 

p 

Fig. 6.9. Shear and bending condition in welds. 

s = £ = section modulus of the weld group. 
e 

The resultant stress on the weld system is then 

(6.7) 

As before, calculations are usually perfonned for a I-in. weld for convenience. 

Example 6.18. Detennine the required weld size for the connection shown 
below. Assume a fi;-in. weld for return length purposes only. Also, the bracket 
plate and column strengths will not govern. 

125" 125" 

3" 

-r 
16" 

~_1 
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Return length = 2 X ft, = 0.625 in. 

For a I-in. weld: 

( 1 X 163) I = 2 X 12 + 4 X [(1 X 0.625) X 82] = 843 in.4 

S = ~3 = 105.4 in.3 

M = 125 k X 3 in. = 375 in.-k 

fv = (2 X 16) :2~ X 0.625) = 3.62 k/in. 

fb = -lilA = 3.56 k/in. 

t = .J(3.62i + (3.56)2 = 5.08 k/in. 

Required weld size: 

5.08 
D = 0.928 = 5.47 sixteenths 

Use i-in. weld. 

(6.5) 

(6.6) 

(6.7) 

The above example uses the customary method of taking the shear stress 
uniformly distributed over the entire length of the welds when the load is ap­
plied at the centroid of the weld group (see Fig. 6. lOb). However, as shown in 
Fig. 6.lOc, the actual shear stress would have a maximum value at midheight 
of VQ/I = 5.54 k/in.; at the ends, the stresses would be zero. 

It is important to note that the actual maximum shear stress and maximum 
bending stress do not occur at the same location on the weld group (see Fig. 
6.lOc and 6.1Od). Therefore, at the ends, the total stress is 3.56 k/in., while 
at midheight, the total stress is 5.54 k/in. The required weld size would then 
be 

5.54 . .3. 
D = 0.928 = 5.97 SIxteenths; Use g-in. weld. 

In general, taking the shear stress as uniform simplifies the computations. 
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0.625" --l I-­
(Typ.) I I 

(a) 

I 
8" 

8" 

~ 

3.62 k/in 

(b) (e) 

5.54 k/in. 

3.56 k/in 

3.56 k/in. 

(d) 

Fig. 6.10. (a) Weld group of Example 6.18; (b) assumed shear stress distribution; (c) actual shear 
stress distribution; (d) bending stress distribution. 

6.9 AISCM DESIGN TABLES 

The AISCM, in its "Connections" chapter (Part 4), provides tables for com­
puting required weld sizes for connections subjected to eccentric loads. From 
these tables, weld dimensions, properties, and maximum allowable load can be 
determined (e.g., see Fig. 6.11). 

Eccentric loads on weld groups tables in previous AISC manuals were based 
on elastic theory and the method of summing force vectors, as introduced in 
Sect. 6.8 of this text. The AISCM now offers more liberal values for weld 
design based on ultimate strength design. The saving in welding is due to plastic 

p 

I---+-A 
y 

~kl 
Fig. 6.11. One of several standard weld patterns that can be found in the AISCM and can be 
designed using tables. 
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behavior, where yield stress is reached in the entire weld before failure occurs. 
Nevertheless, the elastic method is still recognized (see Alternate Method 1-
Elastic, p. 4-72). It is important to note that the elastic method produces con­
servative results and can readily be applied to any weld configuration with loads 
in any directions. 

When a weld pattern is standard, i.e., a configuration is tabulated in the 
AISCM, Part 4, the weld can be designed using the AISCM eccentric loads on 
weld groups tables. For welds unsymmetrical about the y-y axis, when the val­
ues of I, kl, and a are known, the center of gravity of the weld pattern can be 
determined from xl, where x is given in the tables based on k. Once a is known, 
the coefficient C is determined from the tables. Because the tables are calculated 
for E70 electrodes (the most commonly used), another coefficient C1 is obtained 
from p. 4-72 and is used in conjunction with the tables for electrodes other than 
E70. As was discussed previously for the bolted connections, Alternate Method 
2 (p. 4-73) is also provided for the welded connections to extend the AISCM 
tables for eccentric vertical loads to eccentric loads inclined at any angle from 
the vertical. 

Example 6.19. Using the AISCM for eccentric loads on weld groups, deter­
mine the maximum allowable value of P for the given weld. Use a f6-in. a weld 
of E70 electrodes. 

Solution. 

The weld formation is found in Table XXV. For the given conditions, kl = 4 
in., I = 8 in., xl + al = 8 in., D = 5, C1 = 1.0. 

k = 4 in./l = 4 in./8 in. = 0.5 
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The value for x under k = 0.5 is x = 0.083 

al = 8 - xl; a = 1 - 0.083 = 0.917 

Using the chart for k = 0.5 and a = 0.917, 

a C 
0.90 .409 
0.917 C = .403 (through interpolation) 

1.00 .371 

P = .403 (1.0) 5 (8) = 16.1 k 

Example 6.20. For the welded connection below, determine the minimum size 
weld required to carry the applied load . Use the AISC eccentric load tables and 
E60 electrodes. 

r-S"-t--

Solution. 

The weld Table XXIII is to be used. 

Given values: 

kl = 5 in. 

I = 6 in. 

xl + al = 10 in. 

P = 15 k 

IS kip 

C1 = 0.857 (from table on p. 4-7 for E60 electrode) 

k = ~ = 0.83 
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Interpolating for k = 0.83, the value of x is detennined to be 0.259. 

al = 10 - xl; a = .Ij - 0.259; a = 1.4 

For k = 0.83 and a = 1.4, C = 0.689 (through interpolation) 

P 15 k 
D = CCII = 0.689 (0.857) 6 = 4.2 Use 5 

Minimum weld size is :6 in. 

Example 6.21. Rework Example 6.17, solving for P using the AISC eccentric 
loads table. Welds are ~ in. E60 electrodes. 

Solution. 

The weld Table XXIII is to be used. 

Given values: 

kl = 5 in. 

I = 15 in. 

xl + al = 12 in. 

D = 5 

C. = 0.857 

k = fs = 0.33 

Interpolating for k = 0.33, the value of x is detennined to be 0.066. 

al = 12 - xl; a = H - 0.066; a = 0.734 

For k = 0.33 and a = 0.734, C = 0.630 (double interpolation) 

P = 0.630(0.857) 5 (15) = 40.5 k 

The value obtained shows an increase of 30% when compared with the elastic 
analysis method. Thus, a major saving can be realized for common weld groups 
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found in the AISCM. The elastic method is convenient to use on unusual weld 
groups and in all cases is conservative. 

PROBLEMS TO BE SOLVED 

Note: Unless specific mention is made, E70 weld is to be used. 

6.1. Detennine the strengths of fi,-in. and 1-in. fillet welds 12 in. long for E60 
and E70 electrodes. 

6.2. A i-in. fillet weld is used to connect two plates as shown. Detennine the 
maximum load that can be applied to the connection. 

--"'7 -r x 12" II.. 

r 9"--j 
-~I 

I 
I 

i 
l"XS"II.. "";"-

6.3. For the members shown, detennine the lengths of fi,-in. fillet welds re­
quired to develop full tensile strength of the plates. 

-
I" X 10" l !typical) 

!-Find--1 
(a) 

• 

·f X S" It (typical) 

fb) Ie) 

6.4. Detennine the allowable tensile capacity of the connection shown. Use 
fi,-in. fillet weld with E60 electrodes . 

-- .l." X 10" It 
2 

f-12"---l 

c S X 13.76 -
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6.5. A I -in. X 8-in . plate is to be connected to another member using ~-in., 
E60 fillet welds. Due to clearance limitations, the two members can overlap 
only 5 in., as shown. Determine the maximum load P. 

f-3" 

- P 

(6. 5) (6.6) 

6.6. A channel is to be connected to a plate as shown. For clearance reasons, 
the channel cannot overlap the plate by more than 3 in. Design a combination 
fillet and slot weld to carry the applied load. 

6.7. A welded beam consisting of two 2-in. X 16-in. flanges and ~-in . X 40-in. 
web is subject to a maximum shear of 270 kips. Determine the fillet weld sizes 
for continuous welds and for intermittent welds. 

L..-, ........... 2" X 16" It 

1/2" X 40" It 

L-_ ...... 2" x 16" It 

6.8. A W 21 x 101 has two I-in. X 8-in. cover plates attached to the flanges 
by ~-in . fillet welds, as shown. Determine the length of intermittent fillet welds 
required at a location where the shear is 140 kips. 

1" X 8" t 

W21 X 101 -I 2. 19" 

-----+--L--

(6.8) 
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6.9. One leg of an 8 X 8 X !-in. angle is to be connected with side welds and 
a weld at the end of the angle to a plate behind. Design the connection to 
develop full tensile capacity of the angle. Balance the fillet welds around the 
center of gravity of the angle, using ~-in. weld and E60 electrodes. 

6.10. A 6 X 4 x !-in. angle is to be connected to develop full tensile capacity, 
as shown, to a plate using ~-in. fillet welds. Determine II and 12 so that the 
centers of gravity for the welds and the angle coincide. 

11 , 

r-- 21-1 

- ~ I I 
I I 6" 

- I - =:l I 

!" 22 ==1 
A 
r 

6.11. Rework Problem 6.10, but use end returns. 

6.12. Design partial length cover plates for a W 21 X 101 rolled section for 
the loading shown. Assume full lateral support. 

5 kip 5 kip 5 kip 

t t t 15 ",1ft 

6.13. For the continuous beam shown, choose a wide-flange beam to resist the 
maximum positive moment, and design a welded partial cover plate where re­
quired for the negative moments . Assume full lateral support. 

Note: To simplify the analysis of the continuous beam, neglect the variations 
of stiffness due to the cover plates. Also, omit moment redistribution. 

10 kip 10 kip 10 kip 

i III it II£! III L Ilg? III L tr'[l 
1-- 25'+25'--+-25'+25'--+-25'+25'-1 
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6.14. The weld shown is to carry an eccentric load of 20 kips acting 12 in. 
from the vertical fillet. Detennine the minimum weld size required to carry the 
load. Do not use any tables. 

20 k ip 

6.15. Detennine the minimum weld size required to resist the load shown. 

p 

IT 
12" 

~ 
'I-----t-!~'" 1" 

r 
L~i ------' 

(6. IS) (6. 16) 

6.16. What load P can be supported by the connection shown if i-in. weld and 
E60 electrodes are used? Do not use any tables. 

6.17. Rework Problem 6.16 using the appropriate AISCM tables. 

6.18. Rework Example 6.18, without returns, using the appropriate AISCM 
tables. 



7 
Special Connections 

7.1 BEAM-COLUMN CONNECTIONS 

Three types of constructions are allowed by the AISC. For each type, the 
strengths and kinds of connections are specified. Type 1 is rigid frame construc­
tion, whose connections are sufficiently rigid to keep the rotation of connected 
members virtually the same at each joint. Type 2 is simple frame construction, 
for which connections are made to resist shear only. Type 3 is semirigid fram­
ing, which assumes an end connection whose rigidity is somewhat between 
those of rigid frames and simple frames (AISCS A2.2). 

The connections of simple frames are designed to carry only shear, i.e., Type 
2 (see Fig. 7.1). They allow a certain amount of elastic rotation and some 
inelastic rotation to avoid overstress of the fasteners for such cases as wind 
loading. Simple connections are usually made of two angles framing the web 
of a beam or only a seat angle. For the design of such connections, refer to 
Chapters 5 and 6. 

Type 1 rigid frames and type 3 semirigid frames have connections that are 
designed to carry shear and moments. Rigid connections carry full end moments 
and semirigid ones carry an end moment that reduces the simply supported 
midspan moment. However, semirigid connections are not rigid enough to com­
pletely prevent a rotation or change in angle between the connected members 
(see Fig. 7.3). 

The AISC, in Section A2.2, states that semirigid construction will be per­
mitted only upon evidence that the connections to be used are capable of fur­
nishing, as a minimum, a predictable portion of full end restraints. The exact 
moment to be carried by the end connection is difficult to determine. Charts 
would be necessary relating the moment-end rotation relationship for each type 
of connection. A conservative design approach is to assume a fully rigid end 
connection for a moment less than the fully fixed one and to design the con­
nection for that moment. The beam is then designed for the positive moment 
resulting from the developed negative moment at the connection (see Fig. 7.5). 

274 
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A 
r 

r--

t 0 o 0 
I 

i 0 ... ~ o 0 
I 
I 

0 o 0 
0,--

A 
r 

Fig. 7.J . Simple frame bolted connection. Bolts may be replaced by welds, most commonly to the 
beam web. 

With the use of rigid connections, the AISC allows redistribution of mo­
ments. Compact beams and plate girders, which are rigidly framed to columns 
(or are continuous over supports), may be proportioned for it of the negative 
moments produced by gravity loading, provided that the maximum positive 
moment is increased by Jb of the average negative moments. The negative mo­
ment reduction may be used for proportioning the column for the combined 

Fig. 7 .2 . A beam-to-column moment connection with welded butt plate. 
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---4 
r --+-
= 

0 1 , 
0 ' 

I 
~C'-

0 ' 
r-' 

= 
I-

A 
r 

(a) (b) 

Fig. 7.3. Moment connections offering rigid and semirigid action: (a) shop-welded Range plates 
connected to the column Range with a field-bolted beam; (b) end plate shop-welded to the beam 
and then field-bolted to the column Range. 

Fig. 7.4. A beam-to-column moment connection with Range angles. 



Moment diagram assuming 
fully rigid connections 
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''\' ///// -- --------
Moment diagram with rigid 
connection less than fully fixed 

Fig. 7.5. Redistribution of moments for semirigid connections. 

axial and bending loads, provided that the axial stress fa does not exceed 0.15 
Fa (AISCS Fl.l) (also see "Continuous Beams" in Chapter 2). 

7.2 SINGLE-PLATE SHEAR CONNECTIONS 

Recent research has demonstrated that the single-plate connection, as shown in 
Fig. 7.6, can be considered a Type 2 connection, i.e., it will transmit only 
shear to the supporting member. However, due to the inherent rigidity of this 
connection, the bolts and welds must be designed for both shear and moment. 
The following example is based on the procedure given on p. 4-52 of the 
AISCM. For a similar analysis and tabulation, see p. 3-51 and Appendix C of 

~3" 

Fillet weld both sides (E70XX) 
w need not exceed O.75t 

1~" 

n Bolts @ 3" O.c. 
2";;n";;7 

Single shear plate 
e F = 36 ksi y 

et";;dbl2 + 1/16 in. 

db = diam. of bolt, in. 

t = thickness of shear plate, in. 

T = distance between web toes of 
fillet at top and bottom of web, in. 

Fig. 7.6. Typical single-plate shear connection. 
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"Engineering for Steel Construction," American Institute of Steel Construction 
(Chicago, 1984). 

Example 7.1. A W 27 x 84 spans 24 ft, and its compression flange has full 
lateral support. Design the single-plate connection for the maximum allowable 
uniform load. Use ~-in.-diameter A325-N bolts and E70 electrodes. 

Solution. For a W 27 x 84: 

Sx = 213 in. 3 

24 ksi X 213 in. 3 

Mall = = 426 ft-k 
12 

8 X 426 ft-k 
Wall = (24 ft)2 = 5.92 k/ft 

Rmax = 5.92 k/ft X 24 ft/2 = 71 k 

1) Determine required number of bolts, n: 

Rmax = C X Rv (Table XI, p. 4-62 of AISCM) 

where Rv = single shear bolt capacity, kips 

= 12.6 k for ~-in. A325-N (Table I-D, p. 4-5 of AISCM) 

71 k 
C = -- = 5.63 

12.6 k 

From Table XI for l = 3 in. and b = 3 in., required number of bolts n = 6.59. 
Use 7 bolts. 

L = (2 X 1.5 in.) + (6 X 3 in.) = 21 in. > ~ X 24 in. = 12 in. ok 

2) Determine required plate thickness t based on the net shear fracture capacity 
of the plate Rns: 

21 in. - 7(0.875 in. + 0.0625 in.) = 14.4 in. 

71 k = 0.3 X 58 ksi X 14.4 in. X t -+ t = 0.2834 in. 
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Use t = ~ in. 

Note: t = 0.3125 in. < (0.87; in.) + 0.0625 in. = 0.5 in. ok 

3) Check plate capacity in yielding Ro I: 

Ro = 0.4 Fy x L x t 

= 0.4 x 36 ksi x 21 in. x 0.3125 in. = 95 k > 71 k ok 

4) Check plate bearing capacity Ph (considering moment on bolts): 
From Table I-E (p. 4-6 of AISCM): 

Ph = 5.63 x 60.9 k/bolt/in. x 0.3125 in. = 107 k > 71 k ok 

5) Detennine required fillet weld size, D in sixteenths, to develop Ro: 

Ro D=--
LxC 

where C is taken from Table XIX (p. 4-75 of AISCM) using al = 3 in. or n X 

1 in., whichever is larger, and k = 0. 

Governing al = 7 x 1 in. = 7 in. -+ a = lr = 0.333 

From Table XIX, C = 1.07 

_ 95 k _ I' 2 
D - ° - 4.2 Use 4-m. weld. 

21 in. x 1. 7 

Note that Table X-F on p. 4-56 of the AISCM could also be used in this case. 
The above calculations demonstrate how the allowable loads in these tables are 
obtained. Also, the bearing capacity and block shear (if coped) of the beam web 
should be checked. 

7.3 TEE FRAMING SHEAR CONNECTIONS 

Although not presented in the AISCM, a very useful type of shear connection 
is one that utilizes a single tee. A schematic representation of this connection 

'Note that if the capacity is considered with respect to the elastic behavior, the maximum shear 
stress would be 1.5Ro/Lt. 
2Fillet weld size w need not exceed 0.75 x t = 0.75 x 0.3125 in. = 0.23 in. Also, the thickness 
of the supporting member should be considered. 
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3" 

db = diam. of bolt, in. 

b f = flange width of tee, in. 

t f = flange thickness of tee, in. 

Fillet weld both sides (E70XX) 
Return top of the fillet welds a distance 2w 

1~ "j 

1 ~"l 
Tee Connection 

• Fy = 36 ksi 

• b,l2tf > 6.5 

n Bolts @ 3" o.c. 
2";;;'n<;,7 

3.5bf ;;' L > 6 in. 

• (tldb ) I (t,lt) 2!! 0.25 

tfc = flange thickness of column, in. 

t = web thickness of tee, in. 

Fig. 7.7. Typical tee framing shear connection. 

is given in Fig. 7.7. As with the single plate, it is also assumed in this case that 
no moment is transferred to the supporting member; the bolts and welds must 
be designed for the moment. It is important to note that the single-tee connec­
tion may offer somewhat more lateral moment resistance than a single-plate 
connection, which offers very little. 

The design procedure presented in the following example is similar to the one 
for single-plate shear connections. Tabulated values for maximum loads can be 
found in "Allowable Stress Design of Simple Shear Connections," American 
Institute of Steel Construction (Chicago, 1990). 

Example 7.2. Rework Example 7.1 using a tee framing shear connection. 

Solution. 

From Ex. 7.1, Rmax = 71 k 

1) Determine required number of bolts n: 

From Ex. 7.1, Rv = 12.6 k, C = 5.63 (Table XI) 
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Use seven bolts. 

L = 21 in. > 6.0 in. 

2) Detennine required tee stem thickness t based on the net shear fracture ca­
pacity of the tee stem Rns: 

From Ex. 7.1, treq = 0.2834 in. Try t = f6 in. 

3) Check tee stem capacity in yielding Ro: 

Ro = 0.4 Fy X L x t = 95 k > 71 k ok 

4) Check tee stem bearing capacity Pb : 

From Ex. 7.1, Pb = 107 k > 71 k ok 

5) Detennine required fillet weld size, D in sixteenths, to develop Ro: 

D=~ 
LxC 

where C is taken from Table XIX (p. 4-75 of AISCM) using at = 3 in. and 
k = O. 

3 in. 
a = -- = 0 143 

21 in. . 

From Table XIX, C = 1.52 

D = . 95 k = 2.98 U 3' ld se T6-In. we . 
21 In. x 1.52 

6) Selection of tee: 
The selection of the tee will be guided by the design assumptions given in 
Fig. 7.7. 
a) (t I db) I (tIl t) == 0.25 

Given t = 0.3125 in., db = 0.875 in., solve for tl: 

= (0.3125 in. 10.875 in.) 03125' = 045 . tl X. In. . In. 
0.25 
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b) L :5 3.5hl 

Try WT 8 X 18: 

21 in. . . 
hi = -- = 6.0 m. (mm.) 

3.5 

t = 0.295 in. > 0.2834 in. ok 

hi = 6.985 in. > 6.0 in. ok 

tl = 0.43 in. == 0.45 in. ok 

6.985 in. 
---- = 8.1> 6.5 ok 
2 X 0.43 in. 

Use WT 8 X 18 x 1 ft, 9 in. 

Note: The thickness of the column flange tic should be greater than tl = 0.43 
in. Otherwise, the size of the tee should be modified. Also, the bearing capacity 
and block shear of the beam web (if coped) should be checked. 

7.4 DESIGN OF MOMENT CONNECTIONS 

The requirements for rigid and semirigid connections are given in AISCS J1. 
Usual connection details consist of plates attached to the beam flanges and to 
the column flange or web and angles connecting the beam web to the column 
flange or web. An alternative approach, when joining the beam to the column 
flange, is to weld a plate to the end of the beam and then to bolt the plate to 
the column (see Fig. 7.3b). Stiffeners may be required to prevent the column 
section from either buckling or yielding due to the force applied to the column 
by the bending moment of the joint. 

Both rigid and semirigid connections assume that the web connections carry 
the entire shear force and that the top and bottom flange connections carry the 
end moment. Fasteners are designed for the combined effects of shear, tensile 
forces resulting from the moment induced by the rigidity of the connection, or 
a combination of both. The number of web fasteners required is determined 
from 

R 
N>­

b - R 
v 

(7.1) 
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Fig. 7.8 . Comer detail of beam-to-column connections. Note how the large T section provides 
moment connection for the beam on the right while providing tension connection for the four-angle 
wind bracing member. 

where R is the end reaction and Rv is the shear capacity of one fastener. If web 
angles are chosen to transfer shear, they may be determined as presented in 
Chapter 5 and may be selected from the AISCM framed beam connections ta­
"les. If a single plate is used, only shear has to be considered, as the moment 
is assumed to be carried by the moment plates (see Fig . 7.3a). 

Beam end moments are assumed to be resisted totally by couples acting in 
the top and bottom flanges of the beam. Bolted and riveted connections are put 
into single shear by the tensile force at the top and compressive force at the 
bottom connections. Flange forces developed are determined by dividing the 
moment by the moment arm d or 

12 M 
T=--

d 
(7.2) 

where M is the support moment in ft-kips and T is the flange force in kips. Weld 
length and size must similarly be designed to resist the force. For flange plate 
connections , the plate is designed as a tension member. 

Alternatively, an end plate connection can be provided in lieu of web and 
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flange plate connections where the end plate is shop-welded to the beam and 
field-bolted to the column flange. High-strength bolts are arranged near the top 
flange to transfer the flexural tensile force in the flange and additionally else­
where to help resist the beam end shear. The welds connecting the end plate to 
the beam are usually fillet welds, though they may be full penetration type. The 
tension flange weld is sized to develop the full force due to bending, and the 
web weld is designed to carry the beam reaction. In addition, the end plate must 
be designed to resist the bending stress developed between connecting bolts. 

The need for column web stiffeners must be investigated for the moment­
induced force factored according to the type of loading case. Web stiffeners are 
required on both the tension and compression flanges whenever the value of AS! 

is positive (AISCS KI.8) where 

(7.3a) 

or 

(7.3b) 

where Pwi = Fyetwe' kips/in. 
P wo = 5Fyetwek, kips 
twe = thickness of column web, in. 

tb = thickness of beam flange or connection plate delivering the con­
centrated force to the column, in. 

The factored force Pb! = 5T /3 when T is due to live and dead loads only, and 
Pb! = 4T /3 when Tis due to live and dead loads plus wind or earthquake forces, 
unless local building codes dictate otherwise. The yield stress subscripts c and 
st refer to the column and stiffener sections, respectively. Also, column stiff­
eners must be provided opposite the compression flange connection when 
(AISCS Kl.6) 

de> 
4100t~e~ 

(7.4a) 
Pb! 

or 

Pb!>Pwb (7.4b) 
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where Pwb = 4HXJt~e..JFye/de = maximum column web resisting force at 
beam compression flange, kips 

de = depth of column web clear of fillets, in. 

Note that in this case, the stiffeners shall be designed as columns in accordance 
with AISCS K1.8 and E2. Web stiffeners must be provided opposite the con­
nection of the tension flange when (AISCS K1.2): 

A 
V 

~ 

r" j'i v 
L . " . 

T 
~1 

I 
01 
o I 
_.J 

-

bb rwe 
1) b,,;"T-2 

A 
V 

rb 
2) rst ;;;' :1 

3) ~t;;;' % - t f for one·sided loading (if required by AISCS Kl.2 or (Kl·9)) 

~t = d - 2 t f for both sides loaded 

4) bIt .;; ~ (AISCS 85) 
tsr v'Fy 

5) Welds: 

(a) Welds joining stiffeners to the column web shall be sized to 
carry the force in the stiffener caused by the unbalanced 
moments on opposite sides of the column (AISCS K 1.8). 

(b) Stiffeners shall be welded to the loaded flange if the load 
normal to the flange is tensile. When the load normal to the 
flange is compressive, the stiffener shall either bear on or 
be welded to the loaded flange (AISCS K 1.8). 

Fig. 7.9. Column web stiffener requirements. 

I 

(7.5a) 

... !o.. 
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or 

(7.5b) 

where Pib = FyctJ /0.16 = maximum column web resisting force at beam ten­
sion flange, kips 

ti = thickness of column flange, in. 

Regardless of the force or formula, stiffeners, when required, must meet the 
minimum area and dimensional requirements given in AISCS K1.8. These cri­
teria are depicted in Fig. 7.9. Recommended design procedures for various 
types of moment connections are given on pp. 4-100 through 4-125 of the 
AISCM. The following examples illustrate these design procedures. 

Example 7.3. Design bolted flange plate moment connections (single shear 
plate shop-welded, field-bolted3) for the situation shown. Use ~-in. A325-SC 
bolts and an allowable beam bending stress Fb = 22 ksi. 

Solution. For W 8 x 31 

d = 8.00 in., tw = 0.285 in., hI = 7.995 in., ti = 0.435 in., k = ~ in. 

For W 12 x 26 

d = 12.22 in., tw = 0.230 in., hI = 6.490 in., 

~ = 0.380 in., k = ~ in. 

3Welded to column, bolted to beam. See AISCM p. 4-109. 
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Frame analysis has yielded M- = 48.60 ft-k and M+ = 36.45 ft-k 

V 18.9kiP~ 
~18.9kiP 

48.6 ft·kip 48.6 ft·kip 
M 43.7 ft'kiP~ d43.7 ft-kip 

" __ ~6.45 ft-kip ~ ___ 

-----------
41.31 ft-kip 

Redistributing moments for rigidly framed members (AISCS F1.1): 

M- = 0.9 x 48.6 ft-k = 43.7 ft-k 

M+ = (0.1 x 48.6 ft-k) + 36.45 ft-k = 41.31 ft-k 

Check beam flange area reduction for two rows of i-in. connecting bolts (AISCS 
BlO): 

Afg = 6.49 in. x 0.38 in. = 2.47 in. 2 

Aft! = 2.47 in. 2 - [2(0.75 in. + 0.125 in.) x 0.38 in.] = 1.81 in.2 

0.5 FuAft! = 0.5 X 58 ksi X 1.81 in. 2 = 52.5 k 

0.6 FyAfg = 0.6 X 36 ksi X 2.47 in.2 = 53.4 k 

Since 53.4 k > 52.5 k, the effective tension flange area is 

5 (58) . 2 Afe = 6 36 (1.81) = 2.43 m . 

. 4 l . 2 . 2 (12.22 in. - 0.38 in.)2] In = 204 m. - (2.47 m. - 2.43 m. ) 2 

= 202.6 in.4 

S = 202.6 in.4 = 33 2' 3 
n • m. 

6.11 in. 

S = 43.7 ft-k X 12 in. 1ft = 238' 3 332' 3 ok 
req 22 ksi . m. < . m. 
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Web connection (single shear plate): 

Shear capacity on-in. A325-SC in single shear = 7.51 k (Table I-D) 

. 18.9 k 
No. of bolts reqUIred = --k = 2.52 Use 3 bolts. 

7.51 

Design of shear plate: 

Try 9-in. shear plate 3 in. center-to-center of bolts, with I! in. at ends. 

In = 9 in. - 3(.75 in. + .125 in.) = 6.375 in. 

Fv = 0.30 Fu = 17.4 ksi (AISCS J4) 

R 18.9 k . 
tpl ~ I F = 6 375 . 7 k' = 0.170 lD. 

n v • ID. X 1 .4 SI 

Try !-in. plate. 

Check bearing on beam web: 

For Fu = 58 ksi, 1!-in. edge distance, 3-in. bolt spacing, and t = 0.23 in.: 
1.5(0.75 in.) = 1.125 in. < 1.5 in. edge distance 

From Table I-E: 

Allowable load = 3 x 52.2 k/in. x 0.23 in. = 36 k > 18.9 k ok 

Check bearing on plate: 

From Table I-E: 

Allowable load = 3 x 13.1 k = 39.3 k > 18.9 k ok 

Plate fillet weld to column flange (E70XX weld) 

D > 18.9 k = 1 3 
- 2(0.928 k/in.) x 9 in. .1 

Since column flange thickness is 0.435 in., use minimum weld size of h in. 
(Table J2.4). 

Design of flange plates 



SPECIAL CONNECTIONS 289 

Flange force due to moment 

T = 12 M = 12 in.jft. x 48.6 ft-k = 47 7 k 
d 12.22 in. . 

T 47.7 k . 2 
An ~ 0.5 Fu = 29 ksi = 1.64 m. 

A > _T _ _ 47.7 k _ . 2 
g - 0.6 Fy - 22 ksi - 2.17 m. 

Try ~ x 6-!-in. plate 

Ag = 0.375 in. X 6.5 in. = 2.44 in.2 > 2.17 in.2 ok 

An = 2.44 in.2 - 2(.75 + .125) X .375 in. = 1.78 in.2 > 1.64 in.2 ok 

Number of bolts required (use oversize holes to assist in field assembly): 

Nb = !... = 47.7 k = 7.2 
Rv 6.63 k 

Use minimum four bolts in each of two rows (3i in. gage) 

Check for column web stiffeners 

Pbl - Fyctwe(tb + 5 k) 
Ast ~ F (AISCS Kl.8) 

yst 

5 4 
Pbl = 3 T = 79.5 k 

twe = 0.285 in., k = ~~ in. 

tb = tpl = 0.375 in. 

'Could have also used the force at the stiffeners: 

5 M 5 x 48.6 x 12 
P = - x -- = = n,2 k 

bf 3 (d + tb) 3 x (12.22 + 0.375) 
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79.5 - 36 x 0.285 (.375 + 5 x H) 
ASI ;?; 36 

Column web stiffeners are required 

Design of stiffeners (AISCS K1.8) 

1) b + twe ;?; bb 
sl 2 3 

= 0.77 in. 2 

b > bb _ twe = 6.5 in. _ 0.285 in. 2 02 . 
sl - 3 2 3 2 =. m. 

tb 0.375 in. . 
2)tsl ;?;"2= 2 =0.19m. 

8.0 in. . . 
3) lSI = -2- - 0.435 m. = 3.57 m. 

Try 3-1 in. x ! in. x 0 ft, 4 in. Clip comer i in. X i in. 

ASI = 2(.25 x 3.5) = 1.75 in.2 > 0.77 in. 2 ok 

3.5 in. 
4) 02. ~ 15.83 ok (AISCS B5) 

.5 m. 

5) Weld length 

From Table 12.4: 

Min. weld size to column web: ft in. 

Min. weld size to column flange: ft in. 

Determine the forces at the column web to be resisted by stiffener welds: 

Pbf - Pwitb - Pwo = 79.5 k - (10 k/in. x 0.375 in.) - 48 k = 27.8 k 

where P wi and P wo were obtained from the bottom of the Column Load Tables 
on p. 3-31. 

Determine the forces at the tension flange to be resisted by stiffener welds: 

Pbf - Pfb = 79.5 k - 43 k = 36.5 k 

where Pfb is also obtained from p. 3-31. 
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Also, Pwb = 93 k > 79.5 k 

Thus, tension flange force governs. 

Load in stiffener = 36.5 k/2 = 18.3 k each side. 

Load in stiffener 18.3 
I = -----------
w 2 x D x 0.928 x load factor 2 x 3 x 0.928 x 1.67 

= 2.0 in. 

Use weld length of 4 in. - 0.75 in. = 3! in. 

If = Iw = 2.0 in. 

Use weld length of 3.5 in. - 0.75 in. = 2~ in. 

As an alternative, it is pennissible to finish the two compression flange stiffeners 
to bear instead of welding to the flange since the end moments are not revers­
ible: 

Fp = 0.9 x 36 ksi x 1.67 = 54.1 ksi 

.. __ 18.3 k 
Jz 0 5' = 26.6 ksi < 54.1 ksi ok 

p (3.5 in. - 0.75 in.) X .2 m. 

Use end moment connection as shown.s 

M 
X 
co 
~ 

2 - 3-r x .or X O'-4"t 

·r x 6·ft 

W 12 X 26 
I 0 0 0 0 

k=;::.F=--=--=== -
I 0 0 0 0 

SSince beams frame into both sides of the column, the stiffener length should actually be d - 2tf 
= 7.13 in. (see Fig. 7.9). This example illustrates the required stiffener and weld lengths if one 
beam frames into one side of the column only. 
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Example 7.4. For the previous example, design a semirigid moment connec­
tion, for a total distributed load of 1.8 kl ft, such that the negative and positive 
moments are equal. Use ~-in. A325-N bolts (instead of SC) to allow slippage 
of connection, obtaining semirigid action. 

Solution. 

1 
R = 2 x 1.8 k/ft x 18 ft = 16.2 k 

WL2 
M- = M+ = - = 3645 ft-k 16 . 

The web shear connection will not change. Design flange plates for the reduced 
moment value. 

T _ 12 M _ 12 in. 1ft x 36.45 ft-k _ 
- d - 12.22 in. - 35.8 k 

T 35.8 k 
An ~ -- = -- = 1.23 in.2 

0.5 Fy 29 ksi 

A > _ _ T_ = 35.8 k = 2 
g 1.63 in. 

0.6 Fy 22 ksi 

Try d,-in. x 6!-in. moment plate: 

Ag = 0.31 in. x 6.5 in. = 2.02 in.2 > 1.63 in.2 ok 

An = 2.02 in.2 - 2(0.75 in. + 0.125 in.) x 0.31 in. 

= 1.48 in.2 > 1.23 in.2 ok 

Number of bolts required 

Rv = 9.3 k 

R 35.8 k 
Nb = - = -- = 3.85 

Rv 9.3 k 

Use two bolts in each of two rows (3-!-in. gage) 
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Check for column web stiffeners 

5 
Pb! = "3 T = 59.7 k 

59.7 - 36 x 0.285 (0.313 + 5 x ~~) 
Ast ~ 36 = 0.23 in. 2 

Column web stiffeners are required. 

bb twe • 
1) b > -- - - = 2 02 10 st - 3 2 . . 

tb . 
2) tst ~ "2 = 0.1610. 

3) 1st ~ ~ - tf = 3.57 in. 

Try 2 in. x k in. x 0 ft, 4 in. Clip comer ~ in. X ~ in. 

ASI = 2(0.188 in. X 2.0 in.) = 0.75 in. 2 > 0.23 in.2 ok 

2.0 
4) 0.188 s 15.83 ok 

5) Weld length 

P bf = 59.7 k < P wb = 93 k 

Force at column web = Pbf - P witb - P wo 

= 59.7 - (10 X 0.31) - 48 = 8.6 k 

Force at tension flange = Pbf - Pfb = 59.7 - 43 = 16.7 k (governs) 

1 = 16.7/2 = 0.9 in. 
w 2 X 3 X 0.928 X 1.67 
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Use weld length = 4 in. - 0.75 in. = 3! in. 

If = II<' = 0.9 in. 

Use weld length = 2 in. - 0.75 in. = I! in. 

Use end moment connection as shown. 

2 - 2" X fs" X 0'-4" t 

3 
16 

M 

X 
co 
3: 

W 12 X 26 

Example 7.5. A wide-flange beam spanning 35 ft supports a unifonn load of 
1.3 k/ft. Design the beam and semirigid connections assuming that the maxi­
mum positive moment and maximum negative moment will be equal. Use web 
angles and tee connections to a W 14 x 90 column in the weak axis with ~-in. 
A325-X bolts. Assume full lateral support. 

Solution. For W 14 x 90 column 

10 0 0 ~~ .L ________ _____ _ 
T-------- ------
10 0 0 
'-----I---~ 

Section 

d = 14.02 in., hf = 14.52 in., tf = 0.71 in., 
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tw = 0.44 in., k = 1-1 in. 

M = WL2 = 1.3 k/ft x (35.0 ft)2 = 99 ft-k 
max 16 16 .5 

S - M _ 12 in.jft X 99.5 ft-k _ 9 . 3 

req - Fb - 24.0 ksi - 4 .8 tn. 

Use W 18 x 35 beam, Sx = 57.6 in. 3 

d = 17.70 in., hf = 6.00 in., tf = 0.425 in., tw = 0.30 in. 

At the connection, design the web angles to carry full shear and the end moment 
by the top and bottom connections. 

wL 1.3 k/ft x 35 ft 
R = 2 = 2 = 22.8 k 

Referring to Framed Beam Connections, a total number of two i-in. A325-X 
bolts are required per line: 

Rmax = 53.0 k (AISC, Table II-A) 

Rmax = 33.7 k (! in. angle) (AlSC, Table II-C) 

22.8 k < 33.7 k ok 

Use two 4 in. x 4 in. x ! in. beam web framing angles 5! in. long. 

Flange tee connections 

Flange force due to moment 

T = 12 M = 12 in.jft x :9.5 ft-k = 67.5 k 
d 17.70 tn. 

See Example 7.11 for the design of tee section, as it also involves the prying 
effect. 

Use WT 10.5 x 36.5, 8! in. long 

Check for column web stiffener 
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5 
Pb! = "3 T = 112.5 k 

twe = 0.44 in. 

tb = 0.455 in. 

k = 0 (connection is to web of column) 

> 112.5 - 36 x 0.44 x (0.455 + 0) = 2 92. 2 
Ast - 36 . ID. 

Column web stiffener is required 

Design of stiffener 

bb twe 8.5 in. 0.44 in. 2 61 . 
bst ~ "3 - "2 = -3- - 2 =. ID. 

> !!!. = 0.46 in. = 0 23 . 
tst - 2 2 . ID. 
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Try 4 in. x ~ in. x 12~ in. 

As, = 0.3125 in. x 12.625 in. = 3.94 in. 2 > 2.92 in.2 ok 

12.625 in. = 40.4 > 15.83 N.G. 
0.3125 in. 

12.625 in. = 0 80 . 
15.83 . In. 

Try 4 in. x ~ in. x 12~ in. 

Weld length 

Try 156 in. weld (min. weld size) 

Pb! - Pw;tb - PWQ = 112.5 - (16 x 0.455) - 0 = 105.2 k 

105.2 
Total weld length required = 5 x 0.928 x 1.67 = 13.6 in. 

Along column flanges: 

13.6 in. = 3 40 in Use 31 in. 4 .. :2 

Along column web: 

13.6 in. _ 6 80·n Use 7 in. minimum 2 -. 1. 

Assume I-in. notch in comers of stiffener plate. 

Use 4! in. x ~ in. x 1 ft, ~ in. stiffener with continuous ~-in. weld and 1 in. 
x 1 in. notch at comers. 

Example 7.6. Design an end plate moment connection to resist the maximum 
negative moment force and maximum end reaction without beam web reinforce­
ment for a W 12 x 65 beam to a W 14 x 159 column. Use A490-N bolts, Fy 
= 36.0 ksi. 
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Solution. 

'" Ltl 

x 
:! W 12 X 65 

Fb = 24.0 ksi, Fv = 14.4 ksi 

ForW 14 x 159 

d = 14.98 in., bI = 15.57 in., tl = 1.19 in., tw = 0.745 in. 

For W 12 x 65 

d = 12.12 in., bI = 12.00 in., tl = 0.605 in., tw = 0.390 in. 

Maximum beam moment 

M = Fb X S = 24 ksi x 87.9 in.3 = 2110 in.-k = 175.8 ft-k 

Maximum shear force 

The effective area in resisting shear is the overall depth times the web thickness. 

Aw = 0.390 in. X 12.12 in. = 4.73 in. 2 

V = Fv X Aw = 14.4 ksi X 4.73 in.2 = 68.1 k 

Flange force due to moment 

12 M 12 in. 1ft X 175.8 ft-k 
T = -- = = 183 2 k 

d - tIb 12.12 in. - 0.605 in. . 
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Tensile flange force is resisted by four bolts in tension at tension flange 

183.2 k 
Force per bolt = 4 = 45.8 k/bolt 

From Table I-A, use lA in diam. bolt (allow. load = 53.7 k). 

Try eight bolts to resist reaction, four at the tension flange and four at the 
compression flange. 

Number of bolts required to carry shear 

Rv = 27.8 k (AISC, Table I-D) 

V 68.1 k 
Nb = - = -- = 2.45 < 8 ok 

Rv 27.8 k 

Beam flange welds must also resist tension force. 

For E70XX weld, capacity per sixteenth is 

21 ksi x 0.707/16 = 0.928 k/in./sixteenth 

D ~ T = 183.2 k = 7.95 
0.928 x [2(bf + tf ) - tw] 0.928 [2(12.0 + 0.605) - 0.39] 

Use !-in. weld. 

End plate design (the design follows the procedure on p. 4-119 of AISCM). 

For proper welding, recommended plate width bp = bf + 1 = 12 + 1 
= 13 in. 

For the bolt arrangement shown, 

5.5 in. - 0.605 in. 1 
Pf = 2 = 2.45 in. > db + 2 in. = 1.63 in. ok 

P = P - (db) _ 0 707w 
e f 4 . 

2 45 . (1.125 in.) 50· 82· = . 10. - 4 - 0.707(0. 10.) = 1. 10. 
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2" 

B-1~" 9>A490-N Bolts 

-+--~-o 

-1---+---0 0 
W 12 X65 

I, 1·-1"·----..1,1 

2" 

am = CaCb(Af/Aw)I/3(Pe/db)I/4 

Ca = 1.13 (Fy = 36 ksi; p. 4-119 of AISCM) 

Cb = (bf /bp )I/2 = 0.96 

Af / Aw = 1. 706 

am = 1.13(0.96)(1.706)1/3(1.82/1.125)1/4 = 1.46 

Me = 1.46 X 183.2 k X 1.82 in./4 = 121.7 in.-k 

Required plate thickness 

( 6 Me)I/2 ( 6 X 121.7 in.-k )1/2 . 
t ;:;: -- = . = 1.44 10. 
p bpFb 13 in. x 27.0 kSl 

Try 1!-in. plate thickness 

Beam web to end plate weld: 

Minimum weld size = ~ in. 
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Required weld to develop maximum web tension stress (0.60 Fy = 22 ksi) in 
web near flanges: 

D 22.0 ksi x t wb 22.0 X 0.39 
= = =46 

2 x 0.928 2 x 0.928 . 

Use rl;-in. fillet welds continuously on both sides of the web. 

Check if column stiffeners are required: 

Pbf = ~ T = 305.3 k 

a) Check for column web yielding opposite the compression flange: 

Pbf (allow) = Fyctwc{tfb + 6k + 2tp + 2w) 

= 36 x 0.745 [0.605 + (6 x 1.875) + (2 x 1.5) 

+ (2 x 0.50)] 

= 425.3 k > 305.3 k Stiffeners opposite compression 
flange are not required. 

b) Check for column web buckling: 

Pbf (allow) = P wb = 904 k (Column Load Table, p. 3-22) 

Pbf < P wb No stiffeners required. 

c) Check for column flange bending opposite the tension flange: Stiffeners are 
required if tfc < tp (required) based on the following assumptions: 

bp = 2.5 x (Pf + ftb + Pf ) = 2.5 x (2.45 + 0.605 + 2.45) = 13.8 in. 

Pec = (g/2) - kl - (db /4) where g = usual gage for column flange 

= (5.5/2) - 1.0 - (1.125/4) = 1.47 in. 

Cb = 1.0, At/ Aw = 1.0 

am = 1.13 x 1.0 x (1.0)1/3 x (1.47/1.125)1/4 = 1.21 

Me = 1.21 x 183.2 x (1.47/4) = 81.3 in.-k 
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Required flange thickness: 

t = p 

6 x 81.3 
1.14 in. < 1.19 in. Stiffeners are not required. 

Use 1!-in. end plate moment connection. 

7.5 MOMENT-RESISTING COLUMN BASE PLATES 

Columns subject to both an axial compressive force and an applied moment 
produce a combination of axial compressive stress and bending stress on the 
base plate. With the moment transposed to an eccentric load equal to the axial 
load Pc, the stress diagram is determined by superposition. 

Consider a uniaxial bending condition along the Y- Y plane producing a com­
bined axial and bending stress (see Fig. 7.10). This stress multiplied by the 

x 

x 

Fig. 7.10. Distribution of reaction (force per unit length) in column due to combined axial and 
flexural stress. 
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Fig. 7.11. Bearing stress of base plate when e :s N /6. 

width of the flange and the thickness of the web yields a force distribution that 
is greatest at the column flanges. To ensure that the flanges, which are of a 
larger cross-sectional area, carry the greater stress, the column is set with ec­
centricity lying within the plane of the web. 

When the eccentricity is less than ~ N, where N is the base plate dimension 
parallel to the column web, there is no uplift of the plate at the support. For 
this condition, the stress in the base plate is 

(7.6) 

where A is the base plate area and S is the section modulus of the base plate, 
equal to BN2 /6 (see Fig. 7.11). 

Uplift of the base plate will occur if the eccentricity is greater than ~ N. The 
uplift is resisted by the anchor hold-down bolts. At the extreme edge of the 
bearing plate, the bearing stress is maximum and decreases linearly across the 
plate for a distance Y (see Fig. 7.12). An approximate method of determining 
Y is to assume the center of gravity to be fixed at a point coinciding with the 
concentrated compressive force of the column flange (see Fig. 7.13). 

When a more exact method of determining the uplift is desired, an approach 
similar to the design of a reinforced concrete section is employed. Assuming 
plate dimensions that can be estimated by the above method, the value for Y 
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'T e 

~Y/3 
P, Pc +P, 

t-----y----4 

~-----N----~ 

Fig. 7.12. Uplift of base plate when e > N/6. 

'-r- e 

I 

P, 

I------y ---o+l 

~----N----~ 

Fig. 7.13. Uplift of base plate when e > N /6 (approximate method). 

can be detennined by the cubic equation (see Fig. 7.12) 

y3 + K] y2 + Kz Y + K3 = 0 (7.7) 

where K] = 3(e - N /2), K2 = (6nAj B)(f + e), K3 = - Kz(N /2 + j), and 
n = Es/EC' 
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Once Y is found, the tensile force on the hold-down bolts (Pt ) is 

N/2 - Y/3 - e 
Pt = -Pc N /2 - Y /3 + ! 

and the bearing stress/p is equal to 2(Pc + Pt)/YB.6 

(7.8) 

Example 7.7. Design a base plate for a W 14 X 74 column to resist an axial 
force of 350 kips. Then check the base for the same axial load and a 90-ft-kip 
wind-induced bending moment applied in the major axis. Assume that the base 
plate is set on the full area of concrete support with a compressive strength!; 
= 3000 psi. 

Solution. 

mr-

1 
8 

1 n 

-" N ·1 

Fora W 14 x 74 

d = 14.17 in., hI = 10.07 in. 

Fp = 0.35/; = 0.35 X 3000 psi = 1.05 ksi 

A =!.... = 350.0 k = 333.33 in.2 

req Fp 1. 05 ksi 

fiFor derivation of eqns. 7.7 and 7.8, refer to O. W. Blodgett, Design of Welded Structures. The 
lames F. Lincoln Arc Welding Foundation, Cleveland, Ohio (1966), pp. 3.3-6 through 3.3-19. 
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Assume N = 21 in. 

A 333.33 in.2 5 8 . 
B = - = = 1 . 7 In. 

N 21 in. 

Use B = 16 in. 

350 k 
J;,actual = 21 in. x 16 in. = 1.04 ksi < 1.05 ksi ok 

N - 0.95 d 21 - 0.95(14.17) . 
m = 2 = 2 = 3.76 In. 

B - 0.80 bl 16 - 0.80(10.07) . 
n = 2 = 2 = 3.97 In. (governs) 

n' = *~ = *v'14.17 x 10.07 = 2.99 in. 

t = 3.97 in. 
__ 1._04_k_si_ _ 3 . 

- 1. 5 In. 
0.25 x 36 ksi 

Use base plate 16 in. x I! in. x 1 ft, 9 in. 

Check concrete bearing for applied moment. 

3.09" 

Pc - 350 kip 

I , 

~mln -
0.12 ksi 

M = 90 ft-k 

'( ..... -
.96 ksi 

e = M = 90 ft-k x 12 in. 1ft = 3.09 in. 
Pc 350 k 

N 16 = 3.50 in. > 3.09 in. 
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No uplift occurs 

A = 21 in. X 16 in. = 336 in.2 

BN2 16 in. x (21 in.)2 . 3 
S = 6 = 6 = 1176 m. 

Pc Pce 350 k 350 k X 3.09 in. 
/P = A ± S = 336 in.2 ± 1176 in.3 = 1.04 ± 0.92 

/P = 1.96 ksi, 0.12 ksi 

1.96 ksi > 1.05 ksi x 1.33 = 1.40 ksi (AISCS A5.2) 

Base plate will not carry applied moment. 

Example 7.S. Design a base plate to carry the axial force and bending moment 
in the preceding example without uplift. 

Solution. 

Pc = 350 k 

M = 90 ft-k X 12 in. 1ft = 1080 in.-k 

Pc M 
F = - ± - < 1.05 ksi x 1.33 = 1.40 ksi 
PAS 

TryN=24in.,B= 19 in. 

A = 24 in. x 19 in. = 456 in.2 

S = BN2 = 19 in. x (24 in.i = 1824 in.3 
6 6 

350 k 1080 in.-k 077 k' 059 ks' 1 36 k' 0.18 ksi /P = 456 in.2 ± 1824 in.3 =. SI ±. 1 =. SI, 

/Pmax = 1.36 ksi < 1.05 ksi x 1.33 = 1.40 ksi ok 

m = N - 0.95 d = 24 - 0.95(14.17) = 5.27 in. 
2 2 

n = B - 0.80 b = 19 - 0.80(10.07) = 5.47 in. 
2 2 
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n' = 2.99 in. (see Ex. 7.7) 

t = 5.47 in. 
1.36 ksi 

1.84 in. 
0.25 X 36 ksi X 1.33 

Use base plate 19 in. X 1~ in. X 2 ft, 0 in. 

Example 7.9. Using the approximate method, design a base plate for a W 14 
X 74 column to resist a combined axial force of 350 kips and bending moment 
due to gravity loads in the major axis of 250 ft-kips. Assume the footing of 
3000-psi concrete to be quite large, making Fp = 0.70 J;. Three hold-down 
bolts on each side of the column flange are 9 in. from the column center line. 
Use A36 steel and A307 bolts. Verify solution with a more precise approach. 

tf _.J-_:~50 kip 

I 

1.915" --l 14.17" 

Pc +P, 

f------y---..j 

i------N -----i 

Solution. For a W 14 X 74 

d = 14.17 in., hi = 10.07 in., tl = 0.785 in. 

Fp = 0.70 X 3000 psi = 2100 psi = 2. 1 ksi 

Assume compressive reaction from base is applied at the center of the flange, 
and its value is 

e = M = 250 ft-k X 12 in. 1ft = 8.57 in. 
Pc 350 k 
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Summing moments with respect to compression flange 

350 k X (8.57 in. _ 14.1; in. + 0.78; in. ) 

P, = = 41.88 k 
( 14.17 in. 0.785 in. .) 

2 - 2 + 9.0 ID. 

Total volume of compressive stress 

Try B = 21 in. 

1 
2" x Fp x Y x B = Pc + P, 

Y = _2 _X--,-{4_1_.8_8 _k_+_35_0_k...;..} 
2.1 ksi x B 

2 x 391.88 k . 
Y = 2 k· 2· = 17.77 ID . . 1 SI x 1 ID. 

Distance from center of flange to end of plate is Y /3. 

Length of base plate 

!' = 5.923 in. 
3 

N = 2 x 5.923 in. + 14.17 in. - 0.785 in. = 25.23 in. say 26 in. 

Recalculating Y /3 

!' = 26 in. - 14.17 in. + 0.785 in. = 6.31 in. 
3 2 

N - 0.95 d 
m= 

2 

26 in. - 0.95 x 14.17 in. 
2 = 6.27 in. 

B - 0.80 bI 21 in. - 0.80 x 10.07 in. . 
n = = = 6.47 ID. 

2 2 
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n' = 2.99 in. (see Ex. 7.7) 

I" _ 2 x (Pc + Pt) _ 2 x (350 k + 41.88 k) _ . 2 . ok 
Jp - 3 x Y/3 x B-3 x 6.31 in. x 21 in. - 1.97 ksl < .1 kSl 

Assume bearing stress to be unifonnly distributed for a conservative calculation 
of plate thickness. 

t = 6.47 in. x 
1.97 ksi 1 /----- = 3.02 in. use 34 in. 

Checking stress in anchor bolts 

three I-in. q, A307 bolts have capacity of 

T = 3 x 0.7854 in. 2 x 20 ksi = 47.1 k > 41.88 k ok 

Verify using "Reinforced Concrete Beam" approach. Y is the solution of the 
cubic equation. 

6 nAs 
K2 = -- (f+ e) 

B 

K3 = -K2(~ + f) 
9 5 · 14.17 in. - O· f = 1. 1 lD. + 2 - 9. lD. 

e = 8.57 in. 

B = 21 in. 

N = 26 in. 

n=9 

As = 3 x 0.785 in. 2 = 2.355 in. 2 
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N Y 
----e 

_p 2 3 Pt = 
eN Y 

2" - 3 +/ 

K\ = 3 x (8.57 in. - 26.~ in.) = -13.29 in. 

6 X 9 X 2.355 in.2 • . . 2 
K2 = 2 . X (9.010. + 8.57 10.) = 106.4010. 

1 10. 

K3 = -106.4 in. 2 X (26.~ in. + 9.0 in.) = -2340.8 in. 3 

y3 _ 13.29 in. y2 + 106.40 in.2 Y - 2340.8 in. 3 = 0 

By trial and error 

y = 15.88 in. 

y . 
3 = 5.2910. 

26 in. 15.88 in. 8 5 . 
-2- - 3 -. 710. 

Pt = -350k X = 18.0k 
26 in. 15.88 in. 
-2- - 3 + 9.0 in. 

/p = 2(18.~ + 350 ~) = 2.21 ksi 5% overstress say ok 
15.88 10. x 21 10. 

We see that the compressive stresses are greater, but there is smaller tension in 
the bolts compared with the previous approximation. 

7.6 FIELD SPLICES OF BEAMS AND PLATE GIRDERS 

Field splices may become necessary to connect beams or plate girders when 
long spans are desired. If the shipment or erection of a member is difficult, or 
if the required length of a member is not readily available, splicing may be the 
solution. 

A splice must develop the strength required by the stresses at the point of 
splice (AISCS 17). This is usually done with a web splice designed to carry 
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shear and a portion of the moment. The balance of the moment is carried by 
flange splices. An approximate alternative is to design web splices to carry the 
total shear and flange splices to carry the total moment. 

For groove welded splices in plate girders and beams, AISCS 17 states that 
the weld must develop the full strength of the smaller spliced section. 

Bolted splice plates are usually fastened to the outside surface of the flanges. 
Plates may be used on both the outside and the inside of the flanges to place 
the fasteners in double shear. The number of bolts is determined by the axial 
force resulting from the design moment. 

Web splices are usually placed symmetrically over the height between fillets 
(T) on beams and between welds on plate girders. They transfer the total shear 

Fig. 7. 14 . A column splice of two different rolled sections made with splice plates. 
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and a part ofthe moment. The amount of moment Mw carried by the web splices 
is proportional to the total bending moment M: 

Iw 
M", =M--

Isection 
(7.9) 

where Iw is the gross moment of inertia of the web splice plates and Isection is 
the gross moment of inertia ofthe web splice plates plus the flange splice plates. 
The remainder of the moment is carried by the flange splice plates. Once Mw 
and V are known, the number of bolts required on the web splices is determined 
in the same way as that for eccentric loading on fastener groups (see Chapter 
5). 

Example 7.10. Design a bolted beam splice for a W 30 x 108 at a point where 
the shear is 100 kips and the moment is 300 ft-kips. Use A325-X bolts. 

2 rows of 
bolts at 

2t typ /"4 I- ," (l-j .a." X 10" Plate 

l~l 
--I'"' ..,. 

.... !::. 
@I 

29.83" 26.0" on 
u 
c-on 

It) 

;1 
14 

~ 

.a." 
14 --

Solution. Preliminary design 

Web splice 

0 

l 
I 

I 
0 

01 0 
W30 X 108 

0 

1 

I 
1-3.75" 

I 14" X "r X 2'-2" y I It each side 
I "r bolts 

01 0 0 

I-lf 
I" " 

.... ::... 

Design the web splice (plates on both sides of the web) to carry the entire shear 
and a portion of the moment. 
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Use plate height to toe of fillets 

29i in. - 2(1-& in.) = 26i in. use plate = 26 in. 

Try web splice with bolt spacing as shown. 

For i-in. q, A325-X bolts 

Single shear = 13.3 k double shear = 26.5 k 

Bolt shear capacity in web = 

12 bolts x 26.5 k = 318 k > 100 k ok 

Shear capacity of web 

Try two plates 14 in x ! in. x 2 ft, 2 in. 

Flange splice 

100 k 
Iv = 30' 2 = 7.7 ksi < 14.4 ksi ok 

1 . m. 

. M 300 ft-k x 12 in. 1ft 
Force 10 flange = d---=- = 29 83' _ 0 76' = 123.8 k 

tf . m. . m. 

Gross plate area required = P IF, = 5.63 in.2 

Effective net area required = PI F, = 4.27 in.2 

Max. An = 0.85 Ag = 4.78 in.2 > 4.27 in.2 (AISCS B3) 

Net plate width = 10 in. - 2(£ in. + 1 in.) = 8.25 in. 

A = 8.25 in. x t = 4.27 in.2 t = 0.52 in. say i in. 

Check for deduction of bolt holes (AISCS BlO): 

Afg = (10.475 x 0.76) + (0.75 x 10) = 15.5 in.2 

Ajil = 15.5 - [2 x (0.75 + 0.125) x (0.76 + 0.75)] = 12.9 in.2 

0.5(58)(12.9) = 374 k > 0.6(36)(15.5) = 335 k (B10-1) 

No reduction in section properties is required. 
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Final design 

Considering that the bending moment at the splice carried by web and cover 
plates is proportioned to their moments of inertia 

(26)3 . 4 
Iwebplates = 0.25 x 12 x 2 = 732 m. 

( 29.83 + 0.75)2 
Itlangeplates = 10 x 0.75 x 2 x 2 

= 3507 in.4 

. ( 732in.4 ) 
Moment carned by web = 300 ft-k x 732' 4 • 4 = 51.8 ft-k 

m. + 3507 m. 

Moment carried by flange = 300 - 51.8 = 248.2 ft-k 

248.2 ft-k x 12 in.jft 
Force in flange = 29 83' _ 0 76 . = 102.5 k . m. . m. 

Check web bolts: 

Moment due to shear eccentricity = 100 k x (2.25 in. + 1.50 in.) 

= 375 in-k 

Total moment on web bolts = 375 in-k + (51. 8 ft-k x 12 in. / ft) 

= 996.6 in-k 

100 kip 

4:r'-! 2: 

! 0 0 
I 
I 0 0 
I 
I 
I 0 0 

I ... ~ + 2.25" f 
f 

... !:.. 

I 0 0 

I r 6.75" 

I o 0 I 11.25" 

I 1 ! o 0 
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Force in extreme bolt 

Ed 2 = (1.5)2 X 12 + [(2.25)2 + (6.75)2 + (l1.25)2] X 4 

= 27.0 in.2 + 709 in. 2 = 736 in.2 

F= ( 100 996.6 )2 (996.6 )2 12 + 736 x 1.5 + 736 x 11.25 

= 18.4 k < 26.5 k ok 

Bolts in flange plates 

102.5 k 
13.3 k = 7.7 bolts use eight bolts 

Bolts must be staggered as shown so that loss is equal to two holes. 

o o -+-+.::> If 
o o--+--+-

4" ===== 

= 10 in. - (4 x 2 in.) + (2 X S2 ) 
8 4 X 1.5 

3 
S = 2.29 in. say 28 in. minimum 

Check 3 in. minimum distance between bolts. 

s = .../32 - 1.52 = 2.60 in. 

Use s = 2i in. 
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Bending stress at splice location: 

300 ft-k x 12 in. 1ft x (14.92 in. + 0.75 in.) 3 . 
fi = = 1 .3 kSI ok 

b 732 in. 4 + 3507 in. 4 

7. 7 HANGER-TYPE CONNECTIONS 

When designing hanger-type connections (e.g., structural tee or double-angle 
hangers), prying action must be considered. The tensile force 2T which pulls 
on the web of the tee section in Fig. 7.15 causes the flange to deflect away from 
the supporting member in the vicinity of the web. The portions of the flange 
farthest from the web, however, bear against the supporting member. The bear­
ing forces Q at the edges of the tee flange are commonly referred to as the 
prying forces. 

In general, bending moments develop in the leg of the hanger, and additional 
tensile stresses occur in the bolts as a result of the prying action. By increasing 
the thickness of the flange and/or decreasing the distance b (as small as erection 

Q 

2T 

2T 

(a) (b) 

Fig. 7.15. Typical hanger-type connection: (a) applied tensile force to stem causes combined ten­
sion and bending in the flanges; (b) moment diagram for flange leg. 
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methods permit), the effects of the prying action will be reduced for a given 
load. 

It is interesting to note that this prying action can be avoided by using thick 
enough washers between the surfaces in contact. Nothing in the AISCS seems 
to preclude this. From a construction point of view, however, this option may 
not be extremely desirable. 

Exact modeling of the combined tension and prying forces is difficult to per­
form. A design and analysis procedure can be found on p. 4-91 of the AISCM. 
This procedure can also be used in the situations when prying and shear act 
together. The following example presents the design requirements recommend 
by the AISC for hanger-type connections. 

Example 7.11. Complete the design of the tee section for the semirigid mo­
ment connection in Example 7.5. The tension flange force transferred by the 
tee is 67.5 k. Fasteners are to be ~-in. A325-X bolts for the web and I-in. 
A325-X bolts for the flange. 

Solution. Number of tee flange bolts required 

B = 34.6 k (AISCM, Table I-A) 

N = 67.5 k = 20 four bolts minimum 
b 34.6 k . 

67.5 k 
T = -- = 16.88 k 

4 

Number of tee web bolts required (single shear) 

R I , = 13.3 k (AISCM, Table I-D) 

67.5 k 
Nb = -- = 5.1 six bolts minimum 

13.3 k 
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Try two flange bolts in each of two rows as shown. 

I gth'b hoI 8.5 in. . en tn utary to t = P = -2- = 4.25 m. 

Try three web bolts in each of two rows with 3-!-in. gage. (tightening clearance 
is ok; p. 4-137) 

Minimum tee length 

d ~ 2.0 in. + (2 x 3.0 in.) + 1.25 in. = 9.25 in. 

Try WT 10.5 x 36.5, 8! in. long 

d = 10.62 in., fb = 8.295 in., t, = 0.74 in., tw = 0.455 in. 

Check tee web for tension capacity 

T 67.5 k . 2 

An ~ 0.5 F" = 29 ksi = 2.33 m. 

A > _T_ = 67.5 k = . 2 
g - 0.6 Fy 22 ksi 3.07 m. 

Ag = 0.455 in. x 8.5 in. = 3.87 in.2 > 3.07 in.2 ok 

An = 3.87 in. 2 - 2(1.0 in. + 0.125 in.) x 0.455 in. 

= 2.85 in.2 > 2.33 in.2 ok 
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T+Q 

~ 
2T 

Check tee flange for tension and prying action: 

3.5 - 0.455 
b = 2 = 1.523 in. 

8.295 - 3.5 . 
a = 2 = 2.40 In. 

1.25b = 1.904 in. < 2.40 in. Use a = 1.904 in. 

b' = 1.523 - ! = 1.023 in. 

a' = 1.904 + ! = 2.404 in. 

d' = 1 + 0.0625 = 1.0625 in. 

p = 4.25 in. 

p = 1.023/2.404 = 0.426 

o = 1 - (1.0625/4.25) = 0.75 

8 X 34.6 k X 1.023 in. _ 36. 
t = - 1. In. 
c 4.25 in. X 36 ksi 

Oi' = 1 [( 1.36)2 _ 1] = 2.22 
0.75 X (1 + 0.426) 0.74 

( 0.74 in.)2 
Tall = 34.6 k X . X (1 + 0.75) = 17.93 k 

1.36 In. 

Tall> T = 16.88 k ok 
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If the prying force is required: 

1 [(16.88/34.6) ] 
a = 0.75 (0.74/1.36)2 - 1 = 0.864 

( 0.74)2 
Q = 34.6 X 0.75 X 0.864 X 0.426 X - = 2.8 k per bolt 

1.36 

Use WT 10.5 X 36.5, 8! in. long. 

PROBLEMS TO BE SOLVED 

7.1. Design the rigid connection shown to carry an end moment of 85 ft-kips 
and an end shear of 35 kips due to dead and live loads only. Use ~-in. A325-N 
bearing type bolts. The connection plates are welded to the column and bolted 
to the beam. 

\I 
3" 

c==_ ~ 
~ , 

I 
( I 

( I 
( I 

I 

I- J 

c--
f-' 

W 14 X 34 

"-
\I 

Momm. 85t===="* 
(ft-k) 

7.2. Design bolted flange plate moment connections for the beam and columns 
as shown. Design the connections to carry 

a) full frame action negative moment of 125 ft-k with ~-in. A325-SC bolts. 
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b) 75% of the full frame action moment with ~-in. A325-N bolts. 
c) 50% of the full frame action moment with ~-in. A325-X bolts. 

In 
<D 
X 
N ~ - W 18 X 50 
~ ~ 

25'-0" 

7.3. Rework Problem 7.2a for an end plate moment connection. 

7.4. A W 14 x 43 beam frames into the web (weak axis) of a W 14 x 68 
column. Design a semirigid moment connection of tee sections and shear angles 
to transfer a moment of 50 ft-kips and shear of 23 kips. Assume full lateral 
support and ~-in. A325-N bolts. 

7.5. Design a base plate for a W 10 x 88 column to resist a concentric axial 
load of 600 k. Assume that the base plate is on a very large caisson cap which 
has a compressive strength!; = 5000 psi. Using the approximate method, check 
the base plate for an axial load of 400 k and a bending moment about the major 
axis of 200 ft-k. Use two Ihn. A307 anchor bolts located 3 in. from the face 
of the flange on each side of the column. 

7.6. Check Problem 7.5 using the method that assumes that the base plate acts 
similarly to a reinforced concrete beam. Use n = 7. 

7.7. Design a bolted beam splice for a W 27 x 84 at a point where the shear 
is 150 kips and the moment is 150 ft-kips. Assume ~-in. A325-X bolts. 

7.S. Design a bolted beam splice to join a W 30 x 99 to a W 30 x 173 where 
the shear is 100 kips and the moment is 160 ft-kips. Use ~-in. A325-X bolts. 
Sketch detail showing bolt spacings and necessary filler plates. 

7.9. A hanger is supporting a 60-kip force from a W 27 x 146 beam as shown. 
Verify whether a WT 12 x 47 x 8! in. is adequate. Use ~-in. A490-N bolts 
on 5!-in. gage. 



60 kip 

1" 1-
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W 27 X 14 6 

V WT12X47 

1-5f- l- 1" 1-
2 

I 

• 60 kip 

7.10. Select a double-angle hanger to support the loading shown in Problem 
7.9. Use i-in. A325-X bolts. 



8.1 TORSION 

8 
Torsion 

Members that have loads applied away from their shear centers are subject to 
torsion. I These loads, when multiplied by their distances from the shear center 
of the member, cause deformations due to rotation that may also include warp­
ing. The rotation of the member is measured by the angle of the twist. 

8.2 TORSION OFAXISYMMETRICAL MEMBERS 

For pure torsion in the elastic range, a plane section perpendicular to the mem­
ber's axis is assumed to remain plane after the torque has been applied. In this 
plane, shearing stress and strain vary linearly from the neutral axis. This be­
havior and distribution of stress resulting solely from pure torsion is also known 
as St. Venant torsion. When the ends of a member are restrained so that no 
deformation can occur, the stresses due to the warping of the surfaces govern. 
Essentially, this will reduce the St. Venant shear stresses and may slightly in­
crease the longitudinal stresses. Hence, by considering only the St. Venant tor­
sion, the design will be more conservative and the analysis will be greatly sim­
plified. For a more in-depth analysis, see "Torsional Analysis of Steel 
Members," American Institute of Steel Construction (Chicago, 1983). Any 
shearing stress produced by bending would be added to the St. Venant shear 
stresses. 

In a solid circular cylinder subjected to torsion (Fig. 8.1), the maximum 
shearing stress occurs at the perimeter. The stress at any point is obtained from 

(8.1) 

I For sections with a center of symmetry. the shear center coincides with the center of symmetry. 
Refer to Sect. 8.5 for discussion of shear center. 

324 
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~--------d--------~ 

(a) 

f'nnax 

Section A-A 

(bl 

Fig. 8.1. Torsion on circular cross section. 

and the angle of rotation is detennined by 

n 
cP =-­

GJ 
(8.2) 

where T is the torque (in.-Ib), r is the distance from the center of the member 
to the point under consideration (in.), I is the length of the cylinder (in.), Gis 
the shear modulus = E/2(1 + p.) (psi), p. is Poisson's ratio, which for steel is 
between 0.25 and 0.30, and J is the polar moment of inertia (in.4), which for 
a solid round section is expressed by 

(8.3) 

When it is required to limit the torsional moment (torque), so that the maxi­
mum shear stress does not exceed its allowable value, eqn. (8.1) is transposed 
to 

FJ 
T=- (8.4) 

c 

where Fv is the allowable shear stress of the material, and c is the distance from 
the center of the member to the outer fibers. 
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Fig. 8.2. Sears Tower. Chicago. 

Example 8.1. Detennine the maximum allowable torque for a l~-in.-diameter 
steel shaft with an allowable stress F" = 14.5 ksi. 

Solution. The maximum torque is detennined by the equation 

J 
T = F,,­

c 

F" = 14.5 ksi 

7r d 4 
J = -- = 0.497 in.4 

32 

1.5 in. 
c = -- = 0.75 in. 

2 

T -_ 14.5 ksi x 0.497 in. 4 6' k' 
-------- = 9. 10.- IpS 

0.75 in. 
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Converting to ft-kips 

9.6 in.-kips . 
12 in./ft = 0.80 ft-kips 

Example 8.2. Detennine the maximum torque for a hollow shaft with an out­
side diameter (do) of 9 in. and an inside diameter (d;) of 8 in. Allowable stress 
is 8000 psi. 

Solution. In a hollow, circular cylinder, J is given by 7r /32(d: - d1) where 
do and d; are the outer and inner diameters, respectively. 

J 
T= F -vc 

F v = 8000 psi 

J = 7r(d: 3~ d1) = 242 in.4 

c = 4.5 in. 

T = 8000 psi x. 242 in.4 = 430,200 in.-Ib 
4.5 tn. 

Converting to ft-kips 

430,200 in.-lb = 85 ft-ki s 
12 in./ft x 1000 lb/k 35. P 

Example 8.3. Detennine the maximum torque a standard-weight 6-in.-diam­
eter pipe can carry when allowable shear stress is 14.5 ksi. 
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Solution. 

a) Calculating J from AISC tables. (p. 1-93) 

We know that Jp = Ix + Iy • In our case, Jp = 2 x 28.1 in.4 = 56.2 in.4 

b) Consider the pipe as a thin-walled element, such that its thickness is small 
with respect to the diameter. Hence, do = d; = dave = 6.345 in. 

J = 1 r2 dA 

dA = rave dO t 

( 6.345 in.)3 4 = 21r 2 (0.28 in.) = 56.17 in. 

c) Consider J = Jo - J; 

J = Jo - J; = 3~ [(6.625 in.)4 - (6.065 inf] = 56.28 in.4 

We see that all three methods result in nearly identical values. 

FvJ 14.5 ksi x 56.2 in.4 
T = -;;- = 3.313 in. = 245.97 in.-k = 20.50 ft-k 

Example 8.4. What size solid steel circular bar is required to carry a torsional 
moment of 1 ft-kip if the allowable stress is 14.5 ksi? 

Solution. 

J 
c = F -vT 

J = 1I"(2C)4 = 1I"C4 

32 2 

T = 1 ft-k x 12 in. 1ft x 1000 Ib Ik = 12,000 in.-Ib 

( 1I"C
4

) 14,500 psi T 
C= 

12,000 in.-lb 



2 = (2) 12,000. in.-Ib = 0.527 in.3 
14,500 pSI X 'II" 

C = !.IO.527 in.3 = 0.808 in. 

Use H-in.-diameter solid bar. 
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Example 8.5. A 6-ft-kip torque is applied to a 4-in. standard-weight pipe. De­
tennine the stress at the inside face and outside face of the pipe and the angle 
of twist if the tube is 6 ft long. E. = 29 X 106 psi, and p. = 0.25. 

Solution. Member properties 

do = 4.5 in. d j = 4.026 in. 

Tr 
Iv = 7' 

Tl q, =­
GJ 

where r = 2.013 in. for the shear stress at inside face 
r = 2.25 in. for the shear stress at outside face 

J = 'II"(d! - d~) = 1447· 4 
32 . lD. 

Also, from AISC tables, J = 2 x 7.23 in.4 = 14.46 in.4 

I = 6 ft x 12 in. 1ft = 72 in. 

G = 2 1 E = 11.6 X 106 psi ( + p.) 

T = 6.0 ft-k x 12 in. 1ft x 1000 lb/k = 72,000 in.-Ib 

Stress at the inside face 

J. - 72,000 in.-Ib x 2.013 in. _ . 
v - 14.47 in.4 - 10,000 pSI 

Stress at the outside face 

J. = 72,000 in.-Ib x 2.25 in. = 11 200 . 
v 14.47 in.4 , pSI 
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Angle of twist 

72,000 in.-Ib x 72 in. . 
ct> = 6 6· 4 = 0.031 radIans = 1.77 degrees 

11. x 10 pSI x 14.47 in. 

8.3 TORSION OF SOLID RECTANGULAR SECTIONS 

When a torsional moment is applied to a noncircular section, the cross section 
rotates and deforms nonuniformly. As a result, a plane section perpendicular to 
the member's axis does not remain plane. This additional deformation is re­
ferred to as warping. In the case of solid rectangular sections, twisting will 
occur about the axis. No shear strain will occur at the comers, and consequently 
shear stresses at the comers are equal to zero. 

In Fig. 8.3, the shear stress distribution indicates that the maximum stress 
occurs at the midpoint of the long side (see Example 8.6). 

This nonuniform stress distribution is in direct contrast to the stress distri­
bution of a circular section (Fig. 8.1b). 

To determine the stress and rotation of a rectangular section, the use of two 
characteristic elements a and (3 becomes necessary. 

The a factor is used in computing the torsional resistance for the stress for­
mula. A solid rectangular section has a torsional constant of 

J* = abd3 (8.5) 

~ ~ , r-t--:~ ....-l 
,-

~ 
\ - 1T 
i .....-- -

r- ..... 
t- -,..... 
t- ,......""" 
t--- ;::,..... 

r-t- -~ v 
f r ti:- 1 tJ 

Fig. 8.3. Torsion on rectangular bars. 
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Table 8.1. Torsional Factors for Solid Rectangular Bars (Blodgett. Design of 
Welded Structures. reprinted with permission). 

I--b---1 

II I 
b 

d 
1.00 1.50 1.75 2.00 2.50 3.00 4.00 6 8 10 co 

€X .208 .231 .239 .246 .258 .267 .282 .299 .307 .313 .333 
(3 .141 .196 .214 .229 .249 .263 .281 .299 .307 .313 .333 

where b is the larger and d is the smaller dimension. The factor a is obtained 
from Table 8.1. The maximum shear stress due to a torque is then 

Td 
I.. = J* (8.6) 

and is located at the middle of the long side. The angle of twist of the member 
is determined by 

(8.7) 

where J* is now given by 

J* = (3bd 3 (8.8) 

It can be noted from Table 8.1 that a and (3 converge to the value ~ as the 
ratio b / d becomes large. When the ratio is 4.0, the two coefficients are nearly 
the same, and the torsional resistance becomes the same for use in the stress 
and rotation formulas. 

Example 8.6. Show that for a rectangular section under torsion, the shear stress 
at the comers is zero. 

Solution. Consider a comer element as shown. Assuming that a shearing stress 
exists at the comer, two components can be shown parallel to the edges of the 
bar. However, as equal shear stress always occurs in pairs acting on mutually 
perpendicular planes, these components would have to be met by shear stresses 
lying in the plane of the outside surfaces. Because the surfaces are free surfaces, 
no stresses exist. Therefore, the shear stress at the comers must be zero. 
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Example 8.7. Detennine the maximum torque that can be applied to a 2-in. x 
4-in. cantilevered steel bar. Fv = 14.5 ksi. 

Solution. 

d = 2 in. 

b = 4 in. 

F J* 
T = _v_ J* = Olbd3 

d ' 

bid = 2; From Table 8.1, Ol = 0.246 

J* = 0.246 x 4 in. x (2 in.)3 = 7.87 in.4 

14.5 ksi x 7.87 in.4 1 ft . 
T = . = 57.06 in.-kip X -.- = 4.75 ft-kip 

2 In. 12 In. 

Example 8.8. A 6.25-ft-kip torque is applied to a rectangular member. Deter­
mine the maximum stress when acting on a cantilevered 3-in. x 5-in. rectan­
gular bar 4 ft long. Also find the rotation due to the applied torque if the shear 
modulus Gis 11.6 X 106 psi. 

Solution. 

Td 
/" = J* 

b = 5 in. 
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d = 3 in. 

5 
bid = 3" = 1.67; Interpolation must be used in Table 8.1 for bid 

between 1.5 and 1.75. 

a = 0.236 J* (stress) = 0.236 X 5 in. x (3 in.)3 = 31.86 in.4 

(3 = 0.208 J* (rotation) = 0.208 x 5 in. x (3 in.)3 = 28.08 in.4 

I = 4 ft x 12 in. 1ft = 48 in. 

T = 6.25 ft-kip x 12,000 = 75,000 in.-Ib 

75,000 in.-Ib x 3 in. 6 !. = = 70 2 psi 
v 31.86 in.4 

75,000 in.-Ib x 48 in. . 
¢ = 6 2 0 . 4 = 0.011 radians = 0.64 degrees 

11.6 x 10 psi x 8. 8 m. 

Example 8.9. A H-in. x 3-in. bar 6 ft long is subject to a 1000 ft-Ib torsional 
moment. Determine if the bar is safe with an allowable shear of 14.5 ksi and 
an angle of rotation limited to 1.5 degrees. G = 11.6 X 106 psi. 

Solution. 

bid = 2; a = 0.246, (3 = 0.229 

Td Iv = J*; J* (stress) = 0.246 x 3 in. x (1.5 in.)3 = 2.49 in.4 

12 in.-kip x 1.5 in. . . 
Iv = 2 9' 4 = 7.23 kSI < 14.5 kSI ok 

.4 m. 

¢ =~; J* (rotation) = 0.229 x 3 in. x (1.5 in.)3 = 2.32 in.4 
GJ* 

12 in.-kip x (6 ft x 12 in. 1ft) 0032 d' 1 84 d N G 
¢ = 11.6 X 103 ksi x 2.32 in.4 =. ra Ian =. egrees .. 

The bar will rotate 0.34° greater than allowed. Therefore, the member is un­
satisfactory due to excessive rotation. 

Example 8.10. A 4-ft, simply supported solid steel bar is restrained against 
torsion at the ends. The bar will support a sign weighing 1.8 kips, which act at 
quarter points, 12 in. from the bar's shear center. Design the bar to carry the 
applied load. Fy = 36 ksi. 
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0.6 kip 0.6 kip 0.6 kip 0.6 kip 

+12'EhEhd12 ,--- -.L 
d + 

--L- ~_ 

I-b-J dl2 

~-------4'-0"-------~-l 
1'-0" ,t 1'-0" t 1'-0" t 1'-0" 

0.9 kip 0.9 kip 

Solution. Rectangular sections bent about their weak axis develop greater 
bending and torsional strength due to their resistance to lateral-torsional buck­
ling (see Commentary F2). Therefore, assume the bar to be b in. wide and d 

= b /2 in. deep. 

Design the section for flexure, and check the increase in shear stress due to 
torsion. 

Mmax = (0.9 k x 2 ft) - (0.6 k x 1 ft) = 1.2 ft-kip = 14,400 in.-lb 

Fb = 0.75 F" = 27 ksi (AISCS F2.!) 

b' 

24 

b' 14,400 in.-Ib 

24 27,000 psi 

b' = 12.8 in.' 

1 . 
b = 2.34 in. say 2'2 m. 

1 
d=b/2=I-in 4 . 

Check shear stress 

F" = 0.40 F, = 14.5 ksi 

J* = 0.246 x 2.50 in. X (1.25 in.)' = 1.20 in. 4 

T = 0.9 k x 12 in. = 10.8 in.-k 
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f. Tc 10.8 in.-k x 1.25 in. 
- - - - 11.25 ksi 

vlOI'Que - J* - 1.20 in.4 -

3 0.9 k 
!vbending = 2 x 2.50 x 1.25 in. = 0.43 ksi 

!vlorqUe + !vbending = 11.25 + 0.43 = 11.68 ksi < Fv ok 

8.4 TORSION OF OPEN SECTIONS 

Open structural steel members can often be considered as consisting of thin 
rectangular elements, where 

bd3 
J* =E-

3 
(8.9) 

and b is the largest dimension of each element, and d is the smallest. 2 For 
members with varying thicknesses, the average thickness is used as d. For com­
monly used rolled shapes, the AISCM has listed as J the torsional constant of 
each section. A slight variance can be observed by calculating J* in a direct 
manner and comparing to the values for J listed in the properties table. These 
variations can be attributed to the effect of fillets, the rounded comers, and the 
ratio b / d not being infinite, which is implied by the factor 3 in the denominator 
of eqn. (8.9). 

The open sections in Fig. 8.4 show their shear flow and the locations of 
maximum shear. It can be seen that each shape behaves as a series of rectan­
gular elements with their shear stresses flowing continuously. An approximate 
value of the maximum shear occurring at the points indicated can be calculated 
from 

(8.10) 

where d = thickness of the web or the flange as applicable. 
Welds that may be used for a section subjected to torsional loading also must 

2Some authors recommend the use of J* = '1E~ bd3 , where 'I is a coefficient slightly larger than 1 
depending on the type of section (i.e., 'I is equal to 1.0 for angles, 1.12 for channels, 1.15 for T 
sections and 1.2 for I and wide flange sections). 
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1 Shear 
center 

e 

Fig. 8.4. Shear flow and maximum stress in open structural shapes in torsion. 

be designed to carry the torsional stress. This stress is superimposed on the 
shear stress in the web. The weld is designed for the combined stresses. 

Example 8.11. Detennine the torsional constant 1* for a W 12 x 58, and 
compare the result with the value given in the AISCM. 

T n""i T W12xir 
~10.01 .. -l 

Solution. The value 1* can be detennined from the fonnula 

1* = E 1 bd 3 where b = width of each element 
d = thickness of each element 

1* = 1 [2 x (10.01 in. x (0.640 in.)3) + (10.91 in. x (0.360 in.)J)] 

= 1.92 in.4 
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The value J from the AISCM is 2.10 (see p. 1-122). The variation can be 
explained by the approximation of the wide flange by rectangular elements. 
Note that J given in the AISCM is the same as J* derived here. 

Example 8.12. An externally applied force of 850 lb acts 18 in. to the right of 
the web centerline. Design the most economic wide flange for a 1O-ft cantilever. 
Fl , = 13.5 ksi, and Fb = 20 ksi. Initially, neglect the combination of shear 
stresses due to torsion and bending. 

Solution. 

850 # (Acts at tip 

rTT.7"T'T777IP777'7'7'77]1S". of cantilever) 

From 
Ttf 

1" = J*' 
tf Fl' 
-<­
J* - T 

The allowable stresses have been reduced to allow for the combined effect of 
the shear stress due to torsion and bending, resulting in a larger shear stress. 
This can be seen by the use of Mohr's circle. 

Design the member first for torsion, then verify for bending and shear. 

The member must be found by trial and error. Use the torsional constant in the 
AISCM. 

tf 13,500 psi 
- < .882 
J - 850 Ib x 18 in. 

Try W 16 x 31, 1f = 0.440 in., J = 0.46 in.4 = J* 

0.440 
-- = 0.957 > 0.882 N.G. 
0.46 
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Try W 10 x 30, If = 0.51 in., J = 0.62 in.4 

0.51 
0.62 = 0.822 < 0.882 ok 

Check for bending and shear 

M = 0.850 k X 10 ft x 12 in. 1ft = 102 in.-k 

S = 32.4 in. 3 

fb = 3102 = 3.15 ksi < 20 ksi ok 
2.4 

J. 0.85 + 0.85 x 18 x 0.30 - 6 . 3 5 k' k 
vweb = 10.47 X 0.30 0.62 - 7. 7 ksl < 1. Sl 0 

0.85 X 18 X 0.51 . . 
fvtlg = 0.62 = 12.59 kSI < 13.5 kSI ok 

For the reader familiar with Mohr's circle, the combination of stresses is indi­
cated as follows. 

For an element at the top flange near the point of fixity, we have Ix = 3.15 ksi 
and/y = O. 

Considering Mohr's circle of center A, 

OA = Ix + /y = 3.15 + 0 = 1 58 ksi 
2 2 . 

Ix - /y 3.15 - 0 58 k . 
AB = -2- = 2 = 1. Sl 

BD = fv = 12.59 ksi 

AD = .JAB2 + BD2 = 12 69 ksi = AC = J. < 13.5 ksi ok . vmax 

Ix+/y 
OE = fbrnax = OA + AE = -2- + fvmax = 1.58 + 12.69 

= 14.27 ksi < 20 ksi ok 

The orientation is at an angle EAD 12. 
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y to 
_12.59 

3.15-101-3.15 ~~----------------~ 
~ ~ 
~~c:~~~~==~~~ ~ ___ ....; . __ x 

I 

~~------------------~ 12.59-
I ~o 

Plan-top flange Element 

Example 8.13. A wide-flange beam spanning 24 ft supports a 1-kip-per-foot 
brick wall, which acts 5 in. off center. Design the beam to withstand torsion 
and bending. Assuming the beam is simply supported, but restrained against 
torsion at the supports. Fv = 14.5 ksi. 

~F=========1k=iP=/ft=.I========~~ 
1-1.-----24•0.1-1 -----1·1 

.... 5 .. ~ ~ 

: ' 
I 

Solution. Determine the beam to carry the flexure (laterally unsupported); then 
check to see if it will be safe for the torsion. 
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M 
S =­

Fb 

Tc 
F=­

v J 

WL2 1 k/ft x (24 ft)2 
M = - = = 72 ft-k 

8 8 

Designing for flexure alone, the lightest available section is W 10 x 45 (AISCM 
p.2-172). 

_ M S _ 72 ft-k x 12 in.jft _ . 
Ib - I x - 49 1· 3 - 17.60 kSI 

. In. 

Check for torsion 

5 24 ft 
T = 12 ft x -2- x 1.0 k/ft = 5.0 ft-k = 60 in.-k 

J = 1.51 in.4 

d = tf = 0.62 in. 

60 in.-k x 0.62 in. 
Iv = 1 51· 4 = 24.63 ksi > 14.5 ksi N.G . 

. In. 

Calculating the ratio d I J, 

~ = Fv 
J T 

~ = 14.5 ksi = 0.24 in. -3 

J 60 in.-k 

Try W 12 x 72, d = tf = 0.670 in., J = 2.93 in.4 

0.670 in. . -3 . -3 
---""4 = 0.229 In. < 0.24 In. ok 
2.93 in. 



Trying for a more economical section, 

W 14 x 68, d = tf = 0.720 in., J = 3.02 in.4 

0.720 in. = 0 238' -3 0 24' -3 k 
3 02 ' 4 . lD. <. lD. 0 

• lD. 
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We see also by inspection (AISC, Part 2, "Allowable Moments in Beams") 
that the bending stress remains under control: MR = 185 ft-k for L = 24 ft (p. 
2-169). 

Verify shear stresses: 

60 x 0.72 . 
ivllg = 3.02 = 14.3 ksl < 14.5 ksi ok 

12 60 x 0.415 
ivweb = 14.04 x 0.415 + 3.02 

= 2.06 + 8.25 = 10.3 ksi < 14.5 ksi ok 

Use W 14 x 68. 

Example 8.14. Determine the required weld length for the section shown at a 
location where the shear force is 10 kips and the torque is 300 in.-kips. Use 
A36 steel and ~-in. E70 intermittent fillet welds. 

1-f x 12" plate 

if E70 weld (typ) 

·r x 14" plate 

l·r x 12" plate 

Solution. The force to be carried by the weld is produced at the interface of 
the flange and web. The force is the superposition of the shear flow due to 
vertical loading and the shear flow due to the torsional moment. 
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Shear stress due to direct shear force 

10 

(14 + 2(1~)) 

(l~y + 14 J* = ~ x [2 x 12 x 

Shear stress due to torsion 

1.57 ksi 

x GYJ = 27.25 in.4 

!. = Trw = 300 x 0.375 = 4.13 ksi 
v J* 27.25 

Distribution due to direct shear Distribution due to torque 

Shear stress distribution in web 

The shear flow to be carried by the weld is the reaction at right. 

Location of zero shear flow on web: 

(2.56 ksi + 5.70 ksi) x S = 5.70 ksi x 0.375 in. 

S = 0.259 in. 
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Force carried by weld (right side): 

q = (2 X ~.375) [(0.259 X 5.70) (i - 0.~59) - C·:6) (i -0.259 YJ 
= 0.55 k/in. 

For E70 ~ in. weld, 

Fw = 5 X 0.928 k/in./sixteenth = 4.64 k/in. 

For 1 foot length, 

q = 0.55 k/in. X 12 in. /ft = 6.6 k/ft 

Length of weld required3 

6.6 k/ft . 1 
L = 4.64 k/in./ft = 1.42 m. use 12" in. weld at 12 in. centers (min.). 

Example 8.15. Determine the required intermittent fillet weld length per foot 
of section for the plate section shown. Use E70 minimum size fillet weld. V = 
200 kips; T = 40 ft-k. 

C:::;;:::J 2" X 14" plate 

·f X 48" plate 

'--_---' 2" X 14" plate 

Solution. 

Vmax = 200 kips; T = 40 ft-kips 

3Welds in engineering practice are generally continuous. The design of intennittent welds is pro­
vided as an exercise. 
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Verify section, and design welds. 

J = ~ [(14 in. x (2 in.)3) x 2 + (48 in. x G in.y)] = 76.7 in.4 

200 k 
fvv = 1 = 7.69 ksi 

2 in. x 52 in. 

f. - 40 ft-k x 12 in./ft x 2 in. _ . 
VTfl - 76 7' 4 - 12.52 kSl 

. 10. 

f. - 40 ft-k x 12 in. /ft x 0.5 in. _ . 
VTweb - 767' 4 - 3.13 kSl 

. 10. 

fvweb!oI = 7.69 ksi + 3.13 ksi = 10.82 ksi 

7.69-3.1~ 
=4.56kSi~ 

/' 
,/ 

A 

I 

A 

Shear flow at the right side of the web: 

/' 
/~ 

-,-

7. 
= 

69 + 3.13 
10.82 ksi 

-~ 

q = ! x [1(10.82 - 4.56) + !(4.56») = 2.18 k/in. 

Minimum weld size = ~ in. 

Fw = 5 x 0.928 k/in. = 4.64 k/in. 
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Length of weld required per foot 

q = 2.18 k/in. X 12 in./ft = 26.16 k/ft 

26.16 k/ft . . 
L = 4.64 k/in./ft = 5.6 lD. say 6 lD. 

Use ~-in. E70 weld 6 in. long, spaced 12 in. on center. 

8.5 SHEAR CENTER 

A prismatic member has a singular shear axis through which a force can be 
applied from any angle and no twisting moment will result. For any given cross 
section, the point on the axis is called the shear center of the section. If applied 
forces pass through the shear center, the member is subject only to flexural 
stresses. Forces applied away from the shear center develop a torsional moment 
that twists around the shear center. 

Consider a section with an axis of symmetry transversely loaded in the plane 
of the axis, i.e., a wide flange loaded in the plane of the web (Fig. 8.5a). It 
can be seen that the external shear force and the internal shear forces due to the 
shear flow are in equilibrium. Consider now a channel loaded at the centroid 
(Fig. 8.5b). The forces are in equilibrium, but an unbalanced moment has de­
veloped due to the shear flow in the flanges. If the external force is applied at 
some distance away from the centroid, the moment can be brought to zero. This 

Wide flange 

(a) 

Channel 

(b) 

Fig. 8.5. Shear flow under direct shear and shear centers of common sections. 
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point of load application is the shear center. It can be proved that the distance 
between the shear center and the center of the web is given by 

(8.11) 

In the properties section of the AISCM, the shear center location can be found 
for channel sections. It is important to note that, in general, the shear center 
must always lie on an axis of symmetry. 

Example 8.16. Calculate the location of the shear center for the shape shown 
below. 

1" X 4" 

Flange 2 

Flange 1 

Solution. To locate the shear center, consider a force P applied to the section 
such that both flanges will deflect equally. Then 

Solving for e, 

(L - e)P eP 

I( 12 

Ll2 
e=---

I( + 12 

Using the expression given 

. (4 in.)3 
16 in. x 1 m. x ---

12 
e = ----------~------------~ 

(8 in.)3 (4 in.)3 -
1 in. x --- + 1 in. X ---

12 12 

1.78 in. 
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Example 8.17. Detennine the approximate location of the shear center for a C 
10 x 15.3. Compare the approximate location with the location given in the 
AISCM. 

"2.60",, 

I 02~" 
10.0" x ~--x 

l 0.634" 

C 10 X 15.3 

Solution. For symmetrical sections, the axis of symmetry is one shear axis. 
The other axis is found by 

where x is the distance from the Yaxis to the centroid of the elements. Consider 
the Yaxis passing through the center of the web. Assuming the flanges as sep­
arate parts, and neglecting their moments of inertia about their own centroidal 
axes, 

Iwebx + 2Iflgx 
e = 

Iweb + I flg 

( t d 3
) (d tl)2(hl t) _w_ X 0 + 2(t hi) - - - - - .l!' 

12 I 2 2 2 2 

tl = 0.436 in., tw = 0.24 in., hi = 2.60 in., d = 10.0 in., Ix = 67.4 in.4 

2(0.436 in. x 2.60 in.) (10 2in. _ 0.43: in. y x C·6~ in. _ 0.2~ in.) 

e = ------------------------------~-----------------------
67.4 in.4 

= 0.908 in. 

The value for shear center location in the AISCM is measured from the back 
of the web. To detennine eo, 

eo = 0.908 in. - 0.24 in. = 0.788 in. 
2 
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The tabular value is eo = 0.796 in. The minor variation can be explained by 
the approximation of the flanges (which are tapered) by rectangular elements. 

Example 8.18. Determine if a cantilevered C 12 x 30, 10 ft long will carry 
the applied force shown if Fv = 14.5 ksi and Fb = 22.0 ksi. 

C 12 X 30 

I 

eo =0.618"1 

5.0 kip 

Solution. 

T = 5.0 k x (0.618 in. + 1.75 in.) = 11.84 in.-k 

M = 5.0 k x 10 ft x 12 in. 1ft = 600 in.-k 

V = 5.0 k 

J = 0.87 in.4 

S = 27.0 in. 3 

!. _ 11.84 in.-k x 0.501 in. 
vtlg - 0.87 in.4 = 6.82 ksi < 14.5 ksi 
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11.84 in.-k x 0.510 in. 5.0 k .. 
ivweb = 0 87' 4 + 20' 05 o· = 6.94 ksl + 0.82 kSl . m. 1 . m. x . 1 m. 

= 7.76 ksi < 14.5 ksi 

600 in.-k . 
fi, = 27' 3 = 22.22 kSl = 22 ksi ok m. 

Investigating the angle of twist, 

Tl 11.84 in.-k x 10 ft X 12 in.jft 
tP = GJ = 11.6 X 103 X 0.87 in.4 = 0.1408 radians = 8.07° 

Even though stress values are within allowable limits, the beam may be con­
sidered inadequate due to excessive defonnation (Le., rotation). 

Example 8.19. Detennine the shear center for the box beam shown. The wide 
flange is a W 14 X 90 with a I-in. plate connected to the flanges as shown. 

142~.2" -1" = 6.26"-tJ rt--
W 14 X 90 I V +-

f Find --H ~ 7.01 in. 

1" plate 

~ 
1-

Solution. The shear center will be located somewhere along the X axis passing 
through the center of the members. Assume the Yaxis passing through the 
centroid of the wide flange. 

Iw = 999 in.4; d (depth of plate) = 14.02 - 2(0.710) = 12.60 in. 

99 0 ( Ix 12.603 (14.52 )) ( 9X)+ X ---1 
EI x 12 2 

e - ~, - 999 + C X :~.60') -0.895 m. 
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Fig. 8.6. Closed thin-walled sections. 

8.6 TORSION OF CLOSED SECTIONS 

A member subject to a torsional moment is considered to be a closed section if 
the cross section is a continuous thin-walled tube of any shape. With these 
conditions, a closed section can be analyzed using Bredt's formula (see Fig. 
8.6). 

For any thin-walled closed section, the shear flow is assumed to be constant 
throughout the plane. Describing this flow of shear through a continuous tube 
section, Bredt developed the formula 

T 
q =-

2A 
(8.12) 

where A is the area enclosed by the center line of the section's contour. The 
shearing stress at any point can then be found by 

(8.13) 

where t is the thickness of the section. 
The angle of twist of a thin-walled closed section is given by the same expres­

sion (8.2) 

where 

TL 
rj>=­

GJ 

'Refer to Blodgett, Design of Welded Structures, 2.10-4. 

(8.14) 

(8.15)4 
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ds is an element of length along the mid-thickness of the contour wall, and t is 
the wall thickness of that element. 

Example 8.20. Determine the maximum torsion a thin wall shaft will carry if 
the outside shaft diameter is 9 in. and the inside diameter is 8 in. Allowable 
stress is 8000 psi. Compare the answer to Example 8.2. 

Solution. 

T = 2 AtFv 

A = 1f' ~2 = 56.7 in. 2 (d = dave = 8.5 in.) 

t = 0.5 in. 

T = 2 x (56.7 in. 2) x 0.5 in. x (8000 psi) = 453,600 in.-Ib 

Converting to ft-kips, 

453,600 in.-Ib _ 38ft 
---:-'-----~ - 7 -k 
12 in. 1ft x 1000 lblk . 

The maximum torsion determined in Example 8.2 was 35.85 ft-kips. We see 
that, although the wall is somewhat thick, the result obtained by the approxi­
mate Bredt' s formula is satisfactory. 

Example 8.21. Determine the maximum torque and angle of rotation for 

a) a closed round tube with an outside diameter of 8 in. and inside diameter 
of 7-! in. 
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b) the same thin-walled tube that has been slit along the wall. 

Fl , = 14.5 ksi, G = 11.7 x 103 ksi, and L = 10 ft. 

(a) (b) 

Solution. 

a) Using thin-walled closed section theory, 

T = 2 AtFv 

7rd 2 
( 3 ) A = 4 = 47.17 in. 2 d = dave = 74 in. 

t = 0.25 in. 

T = 2 x 47.17 in. 2 X 0.25 in. x 14.5 ksi = 342 in.-kip = 28.5 ft-kip 

TL 
c/> =-

GJ 

L = 10 ft x 12 in. 1ft = 120 in. 

J = 4A2 = 4 X (47.17)2 = 91.39 in.4 

1 ~s (7r ~.;/5) 
342 in.-kip X 120 in. 

c/> = = 0 0384 radians = 2 20° 
11.7 X 103 ksi X 91.39in.4 · . 

b) Consider the slit section as a thin rectangular section in torsion. 

F J* T=-v_ 
d 

J* = exbd3 ; for a thin wall, ex = 0.33 (i.e., b » d; see Table 8.1) 

J* = 0.33 (7r X 7.75 in.) X (0.25 in.)3 = 0.1255 in.4 
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T = 14.5 ksi x 0.1255 in.4 = 7.28 in.-kip = 0.607 ft-kip 
0.25 in. 

TL 
¢ = GJ* 

L = 120 in. 

¢ = 7.28 in.-kip X 120 in. = 0.595 radians = 34.090 
11.7 x 103 ksi X 0.1255 in.4 

The advantage, by having closed sections over open sections, can readily be 
seen. 

28.50 ft-kip 
Ratio of maximum allowable torques = 0.607 ft-kip = 47 

. . 0.0384 rad 
Ratio of correspondmg angles of tWIst = 0.595 rad = 0.0645 

Example 8.22. For two C 10 X 15.3 channels with a length of 8 ft, determine 
the torsional capacity and the angle of twist for that torque 

a) if connected as shown but do not act as a closed section. 
b) if connected toe-to-toe, providing a closed section. 
c) if connected back-to-back, providing an open section. 

Fv = 14.5 ksi and G = 11.7 x 103 ksi. 

Solution. 

a) 
F J* T=-v_ 

tf 

-

(8) (b) (e) 
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J* = ~ [(10 - 0.436) x (0.24)3 + 2(2.60 - 0.~4) x (0.436)3] X 2 

= 0.362 in.4 

tf = 0.436 in. 

_ 14.5 ksi X 0.362 in.4 _ . _ 0 ft k 
T - 36 . - 12.04 In.-k - 1. -

n 
~ = GJ* 

0.4 In. 

I = 8 ft X 12 in. 1ft = 96 in. 

12.04 in.-kip X 96 in. 0 2 
~=117 03k· 0362· 4= . 73rad=15.64° . X 1 Sl X. In. 

b) Treating the section as a thin-walled closed section, 

T = 2 FvAt 

A = (5.2 in. - 0.24 in.) X (10 in. - 0.436 in.) = 47.44 in.2 

t = 0.24 in. 

T = 2 X 14.5 ksi X 47.44 in.2 X 0.24 in. = 330.2 in.-k = 27.5 ft-k 

Tl 
~=-

GJ 

I = 96 in. 

4 X (47.44)2 . 4 

[ 
= 87.87 In. 

2 X 5.20 - 0.24 + 10.0 - 0.436] 
0.436 0.24 

330.2 in.-k X 96 in. 
~ = 11.7 X 103 ksi X 87.87 in.4 = 0.0308 rad = 1.767° 

If we compare the rotation that would result from the torque of (a), 

6 ° [12.04] 640 ~I = 1.7 7 330.2 = 0.0 

c) 
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J* = 2(j X 2 hi X t}) + G X (d - tl ) X (2 tw)3) 
= 0.287 + 0.353 = 0.640 in.4 

14.5 ksi X 0.640 in.4 
T = 0.436 in. = 21.3 in.-k = 1.77 ft-k 

Tl 
tP = GJ* 

1= 96 in. 

21.3 in.-k X 96 in. 
tP = 11.7 X 103 ksi X 0.640 in.4 = 0.273 rad = 15.63° 

If we compare the rotation that would result from the torque of (a), 

[ 12.04] tPt = 15.63° 21.3 = 8.84° 

Example 8.23. For the two 20-ft, simply supported beams below, determine 

a) the allowable torque for Fv = 14.5 ksi. 
b) the angle of twist for an applied torque of 150-in.-kip; G = 11.7 X 103 

ksi. 
c) the required length of ~-in. E70 intermittent fillet weld per foot; V = 10 

kips and T = 80 in.-kip. 

.---E~==:::::;;:;;J 1" X 10" II.. C:::::::;;;::;:=:::J 1" X 10" II.. 

13" 

__ >·fX12"II.. 
1"X12"II.. 

...L--E~===~ 1" X 10" II.. C:~~=::J 1" X 10" II.. 

Beam 1 Beam 2 

Solution. 

a) Beam 1 

T = Fv 2(At) 
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A = 6 in. x 13 in. = 78.0 in. 2 

t = ~ in. 

T = 14.5 ksi x 2 X 78 in. 2 X ~ in. 

Beam 2 

J* 
T= F­

v tf 

1131 in.-kip = 94.3 ft-kip 

J* = 0.33 [(10 in. X (1 in.)3 x 2) + (12 in. x (1 in.)3)] = 10.67 in.4 

tf = 1.0 in. 

14.5 ksi x 10.67 in.4 
T= ---------------

1.0 in. 

b) Beam 1 

TL 
4> = GJ 

154.7 in.-kip = 12.9 ft-kip 

L = 20 ft X 12 in.jft = 240 in. 

4 (13 in.)2(6 in.)2 

( ) 
= 380.25 in.4 

13 in. 6 in. 
2--+---

0.5 in. 1 in. 

150 in.-kip x 240 in. 
4> = = 0.0081 rad = 0.464 deg 

11. 7 x 103 ksi x 380.25 in.4 

Beam 2 

TL 
4> = GJ* 

L = 240 in. 

J* = 10.67 in.4 

150 in.-kip x 240 in. 
4> = 3 4 = 0.288 rad = 16.52 deg 

11.7 x 10 ksi x 10.67 in. 



c) Beam 1 

Consider web 

10k 
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Shear Iv = . . = 0.7 k/in. 2 

2(0.5 m.) x 14 m. 

Shear flow qv = 0.7 k/in. 2 x 0.5 in. = 0.35 k/in. 

Torsion 
80.0 in.-kip . 2 

j" = 2. = 1.026 kim. 
2 x 78.0 in. x 0.5 m. 

Shear flow q" = 1.026 k/in. 2 x 0.5 in. = 0.51 k/in. 

Total shear flow qrnax = 0.35 k/in. + 0.51 k/in. = 0.86 k/in. 

For ft,-in. E70 weld, 

Fw = 5 x 0.928 k/in. = 4.64 k/in. 

For a I-ft length, 

0.86 k/in. X 12 in. 1ft _ . I 
I - 2.22 m. ft 

4.64 kin. 

1 
Use 24 in. intermittent welds at 12 in. centers. 

Beam 2 

The maximum shear flow is produced in the web and is the superposition of the 
shear flow due to vertical loading and the shear flow due to the torsional mo­
ment. 

Shear 
10k Iv = = 0.7 k/in. 2 

1 in. x 14 in. 

1 2' shear flow I· 2 • 1 0 3 I' qv = 0.7 k m. x 1.0 m. x 2' = . 5 k m. 

Torsion 
80 in.-k x 1.0 in. I 2 

Iv = 10.67 in.4 = 7.5 kin. 
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Shear to be carried by weld on one side of web 

Iv = 0.7 k/in? + 7.5 k/in. 2 = 8.2 k/in. 2 

Iv = 0.7 k/in. 2 - 7.5 k/in? = -6.8 k/in. 2 

q,'max = 1.6 k/in. (right side) 

f 
8.2 kip/in. 2 

1 

6.8 kip/in. 2 

I 

For &-in. E70 weld, 

Fw = 5 x 0.928 k/in. = 4.64 k/in. 

For a I-ft length, 

1.6 k/in. x 12 in./ft . 
/

. = 4.1 m. per I-ft length 
4.64 k m. 

Use 4hn. intermittent welds at 1-ft centers. 

8.7 MEMBRANE ANALOGY 

Prandtl showed that the governing equation for the torsion problem is the same 
for that of a thin membrane stretched across the cross section and subjected to 
uniform pressure. 

If we have a tube conforming to the outline of the twisted section, cover the 
tube with a thin membrane glued to the tube, and apply pressure to the inside; 
the membrane will deflect, and we will note the following: the shear stresses 
due to the torsion correspond to the slopes of the membrane, and the lines of 
equal shear correspond to the contour lines, the direction of the shear stress to 
the tangent at the contour lines, and the torque to the volume under the mem­
brane. 



Sect ion 1- 1 
<a) 

Sect ion 2-2 
(b) 
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IJ 

Fig. 8.7. Membrane analogy of (a) open sections and (b) closed sections. 

In the case of a closed section, the boundaries of the tube will correspond to 
the limits of the material twisted, and the hole will be represented by a plate 
glued to the membrane (Fig. 8.7). From here, one can get a very good intuitive 
understanding of the stress conditions of a twisted member. 

PROBLEMS TO BE SOLVED 

8.1. For an applied torque of 15 in.-kips, determine the maximum shear stress 
for (a) a 2-in.-diameter steel bar and (b) a steel pipe having an outside diameter 
of 2! in. and an inside diameter of 2 in. 

8.2. For the 2-in.-diameter steel bar and 2!-in.-outside-diameter steel pipe 
mentioned in Problem 8.1, determine the maximum allowable torque, assuming 
A36 steel. Which member is more efficient, i.e., which carries more torque per 
unit weight? 

8.3. For an applied torque of 18 in.-kips, determine the lightest circular bar 
required, assuming Fy = 50-ksi. 

8.4. For an applied torque of 18 in.-kips, determine the lightest standard weight 
pipe, assuming A36 steel. For the pipe selected, calculate the angle of twist if 
Es = 29 X 106 psi; p. = 0.25, and L = 10 ft. 

8.5. For an applied torque of 15 in.-kips, determine the maximum shear stress 
for (a) a 2-in. by 2-in. square steel bar and (b) a I-in. by 4-in. rectangular steel 
bar. Use A36 steel. Determine the angle of twist for both bars if L = 7 ft and 
G = 11.6 X 106 psi. 

8.6. For the two bars mentioned in Problem 8.5, determine the allowable 
torques and rotations corresponding to those torques if now the bars are made 
of aluminum with an allowable shear strength of 11.2 ksi and G = 3.86 X 103 

ksi. Assume linearly elastic behavior for aluminum. 
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8.7. For the bar shown, determine the maximum allowable load P if F" = 36 
ksi and G = 11.6 X 103 ksi. . 

8.8. Design the most economical wide-flange section for an S.O-ft cantilever 
on which a load of 5 k is applied at the free end, 12 in. to the right of the web 
centerline. Assume F" = 13.0 ksi and Fb = 22 ksi. Neglect beam weight and 
combination of shear and bending stresses. 

8.9. For the beam shown, determine the maximum allowable height for the 
concrete facia panel if lightweight concrete weighing SO lb/ft2 is used. The 
beam is simply supported and restrained against torsion at the supports. It is 
laterally supported at ends only. 

W 12 X 58 
I---------L = 20'-O"--------j 

8.10. Design a square tube support column forthe bus stop sign shown if wind 
pressure = SO lb / ft2, L = 10 ft, F" = 14.5 ksi, G = 11.6 X 103 ksi, and 
maximum allowable rotation = 4 degrees. 
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8.11. Compute the torsional constants J* for the following open sections: (a) 
W 18 X 50, (b) W 16 x 31, and (c) C 12 x 20.7. 

8.12. For a member subject to a torque of 3.5 ft-k, design the most economical 
W section and the most economical C section, if F" = 14.5 ksi. For L = 12 
ft, 0 in., which member has the greater resistance to twist (rotation) per unit 
weight? 

8.13. For the fabricated edge beam shown, determine the maximum height of 
an 8-in. brick wall that can be supported if the ends of the beam are connected 
to very heavy columns. Assume A36 steel and that the brick weighs 120 psf. 
L = 20 ft. 

4" 

-r x 10" .or X 1'-0" t 

8.14. For the beam shown in Problem 8.13, design the welds, assuming E70 
electrodes and the height of the brick wall to be 9 ft, 0 in. 

8.15. Determine the maximum allowable load P that can be applied to a C 12 
x 20.7 if the channel is simply supported over a span of 22 ft, 0 in. with the 
ends free to warp. The load P is applied at the centerline of the lower flange. 

C 12 X 20.7 

, 
p 

8.16. Determine the required weld for the section shown at a location where 
the shear force is 12 kips and the torque is 60 in.-kips. The member is con­
structed of 50-ksi steel. Use E70 weld. 
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-f X 12"t 1" X 12" t 

8.17. Locate the shear center for the following shapes: 

1" X 24" t 

1" x 14" t 

1" x 12" t 

8.18. For the sections shown, detennine the allowable torque if Fv = 14.5 ksi. 
Also, for each of the sections, calculate the rotation if L = lO ft, T = 30 in.­
kips, and G = 11.7 X lO3 ksi. Each section is made from foud-in. x 10-in. 
plates. For the left figure, assume the web to be one member, 1 in. thick. 

~5"-+-5"~ 
8.19. Calculate the required !-in. intennittent weld for the sections shown in 
the second and third sketches of Problem 8.19, if V = 30 kips, T = 300 in­
kips, and Fv = 14.5 ksi. Use E70 weld. 



9 
Composite Design 

9.1 COMPOSITE DESIGN 

For many years, reinforced concrete slabs on steel beams were used without 
considering any composite action. In the 1940s, it was shown that concrete 
slabs and steel beams act as a unit when joined together to resist horizontal 
shear. This resistance is provided by either encasing the beam in concrete or 
welding shear connectors to the beam (AISCS 11). By considering composite 
action, a significant increase in strength is achieved. When steel beams are 
totally encased in concrete cast integrally with the slab (see additional require­
ments in paragraphs 1 through 3 in AISCS 1.1), the beams alone may be pro­
portioned to resist, unassisted, both the dead and live load moments using an 
allowable bending stress of O. 76Fy (AISCS 12.1). In this case, temporary shor­
ing is not required. When shear connectors are used, both materials are utilized 
to their fullest capacity, with the concrete slab acting in compression and the 
steel beam acting almost entirely in tension. Thus, in both cases, the composite 
member can carry larger loads (or similar loads on larger spans) than the same 
slab and beam acting individually. Also, since composite sections have greater 
stiffness, the deflections will be smaller. 

Another basic advantage resulting from composite design is that shallower 
and lighter steel beams can be used. Consequently, both overall building weight 
and floor depth are reduced; for high-rise buildings, the ultimate savings in 
foundations, wiring, ductwork, walls, plumbing, etc. can be considerable. 

If part of the concrete is in tension, that portion is considered to be non­
existent and is omitted in calculations, since the tensile capacity of concrete is 
very often assumed to be zero. Cover plates may be used on the bottom flange 
of the steel beams in composite sections to increase the efficiency of the memher 
by lowering the neutral axis from within the concrete.· In bridge design, this 

·Sharp increases in labor costs for welding have precluded most economic uses of cover plates in 
composite design in spite of large savings in steel poundage. 

363 
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Fig. 9.1. A composite spandrel beam for a building. Note strands in conduits, perpendicular to 
the beam, for post-tensioning. By post-tensioning the slab. deflection and negative moment crack­
ing are reduced in the direction perpendicular to the composite beam. 

effect is achieved by using plate girders with heavy bottom flanges and rela­
tively light top flanges. The following discussion is based on AISCS Chapter I 
for building design. Composite sections for bridge design will be briefly dis­
cussed in Appendix B. 

Shores for composite construction are temporary form works that support the 
steel beams at sufficiently close intervals to prevent the beam from sagging 
before the concrete hardens. When the steel beams are not shored during the 
casting and curing processes of the concrete, the steel section must be designed 
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Fig. 9.2 . An interior girder of the building whose spandrel beam is shown in Fig. 9.1. Note how 
reinforcing bars and post-tensioning strands drape over the girder toward the top of the slab to 
provide negative moment reinforcement. 

to support alone the wet concrete and all other construction loads. It is accepted 
practice to size the beam for dead plus live loads and full composite action when 
this action is obtained by the use of shear connectors (AISCS Commentary 12). 

9.2 EFFECTIVE WIDTH OF CONCRETE SLAB 

In AISCS 11, the width of the concrete slab that may participate in composite 
action is specified (see Fig. 9.3). For an interior beam (i.e., a beam which has 
beams on both sides of it), the maximum effective concrete flange width b may 
not exceed (1) one-fourth the beam span L nor (2) the sum of one-half of the 
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- -+----LI4-----01 

--I-----2b'-----I 

b'---t-- b'-----1t--- b'---I-- b'----i 

Fig. 9.3. Effective width of concrete flange in composite construction, as specified in AISCS 11. 

distances to the centerlines of the adjacent beams on both sides. For an edge 
beam, the maximum effective width b may not exceed (1) one-eighth of the 
beam span L plus the distance from the beam centerline to the edge of the slab 
nor (2) one-half of the distance to the centerline of the adjacent beam plus the 
distance from the beam centerline to the edge of the slab. 

Example 9.1. Determine the effective width b for the interior and edge beams 
shown when the span L = 42 ft, 0 in., slab thickness t = 5-! in., and beam 
spacing is 8 ft, 0 in. on center for a W 18 x 35. 

" . " . t. , • . ' r . ,-. '- . ,t. ·. .. .. " ~ t "",'" • 

1----8"-----t----S'----j 

Solution. For a W 18 x 35, bi = 6 in. 

For interior beams: 

L 42.0 ft x 12 in./ft 
1) b ::5 - = = 126 in. 

4 4 

2 8ftxI2in./ft 2 
2) b ::5 (! centerline distance) x = 2 x 

Minimum b = 96 in. governs. 

For edge beam: 

= 96 in. 

b L 42.0 ft x 12 in.fft 6 in. 
I) ::5 - + b = + -- = 66 in 8 c 8 2 . 
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2) b (1 r d' b 8 ft x 12 in. 1ft 6 in. 
S 2 center me Istance) + e = 2 + -2-

= 51 in. 

Minimum b = 51 in. governs. 

Example 9.2. Rework Example 9.1 using a W 12 X 65 beam. 

Solution. For a W 12 X 65, bl = 12 in. 

For interior beams, b = 96 in. (see Ex. 9.1) 

For edge beam: 

42 X 12 12 . 
1) b s 8 + "'2 = 69 m. 

2) b s 8 ~ 12 + 1: = 54 in. 

Minimum b = 54 in. governs. 

9.3 STRESS CALCULATIONS 

Stresses in composite sections are usually calculated by using the transformed 
area method, in which one of the two materials is transformed into an equivalent 
area of the other. Usually the available effective area of concrete is transformed 
into an equivalent area of steel. Assuming the strain of both materials to be the 
same at equal distances from the neutral axis, the unit stress in either material 
is then equal to its strain times its modulus of elasticity E. For steel, the mod­
ulus of elasticity Es = 29,000 ksi, which is independent of the steel's yield 
stress Fy- For the concrete, the modulus of elasticity Ee is 

E = w l .S 33 r;:;fl 
c C "t~ 

where we = unit weight of the concrete (pcf) and f; = 28-day compressive 
strength of the concrete (psi).2 For normal-weight concrete (Le., we = 145 

2"Building Code Requirements for Reinforced Concrete (ACI 318-89) and Commentary-ACI 318R-
89, " American Concrete Institute (Detroit, 1989). 
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pcf), the above equation can be rewritten as 

Ec = 57,OOOJif: 

The unit stress in the steel is therefore Es / Ec times the unit stress in the con­
crete. Defining the ratio of Es/ Ec as the modular ratio n (where n is usually 
taken as the closest integer value to the calculated value of Es / Ec), the force 
resisted by 1 in. 2 of concrete is equivalent to the force resisted by only 1/ n in. 2 

of steel. Therefore, the effective area of concrete Ac (where Ac = b x t) is 
replaced by the transformed area of concrete Actr where Actr = Ac/n (see Fig. 
9.4). Since the capacity of a composite steel-concrete beam designed for full 
composite action does not depend on the unit weight of the concrete (AISCS 
Commentary 12), stresses are typically calculated based on the transformed sec-

(a) 

IZl Coner~te .rea A< 

~ Tr.nsformed .ree Ad< 
(b) 

Fig. 9.4. Cross sections through composite construction: (a) noncover-plate section; (b) cover­
plated section. 
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tion properties using nonnal-weight concrete (AISCS 12.2). However, for de­
flection calculations, the appropriate modular ratio n should be used when de­
tennining the transfonned section properties (see Sect. 9.5). After the distance 
to the neutral axis Ytr is detennined for the transfonned section, the moment of 
inertia Itr can then be calculated. After the transfonned section properties are 
obtained, the stresses in the steel and concrete can be computed; the magnitudes 
of these stresses depend on whether or not temporary shoring is used during the 
construction of the floor system. 

In the discussion which follows, all of the loads applied to the system before 
the concrete has cured (i.e., prior to composite action) will be defined as dead 
loads, and all of the loads applied after the concrete has cured (i.e., after the 
concrete has reached 75 % of its required 28-day compressive strength) will be 
defined as live loads. 

In the case when temporary shoring is used, the weights of the steel beam, 
the fonns, and the wet concrete are all carried by the shores. After the concrete 
has cured, the shores are removed and the composite section must then carry 
the total dead plus live loads. The maximum bending stress for the steel is 
expressed by 

fi - MYtr 
bs - I 

tr 
(9.1) 

where M is the total moment due to both dead and live loads (i.e., M = MD + 
ML) and Ytr is the distance from the neutral axis to the extreme steel fibers. The 
maximum bending stress in the concrete is given by 

M ClOP 
ibc = -[-

n tr 
(9.2) 

where ClOP is the distance from the neutral axis to the extreme concrete fibers 
and n is the modular ratio. Note that eqn. (9.1) could be rewritten in tenns of 
the transfonned section modulus Sm which is defined by the following: 

S = Ilr 
Ir 

Ylr 
(9.3) 

When temporary shoring is not used (i.e., un shored construction), the steel 
beam by itself must carry its own weight, plus the weights of the fonnwork and 
the wet concrete. The bending stress for the steel is expressed by 

(9.4) 



370 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

where MD is the moment due to dead loads only, c is the distance from the 
neutral axis of the steel alone to the extreme steel fibers, and Is is the total 
moment of inertia of the steel, including cover plates if used. After the concrete 
has cured and the forms have been removed, the composite section will resist 
all of the loads placed on the system after the curing of the concrete. Thus, the 
additional stress in the steel is 

fi - ML Ylr 
bs - I 

tr 

(9.5) 

where ML is the moment due to the live loads (Le., the loads placed on the 
system after the concrete has cured). The stress in the concrete is expressed by 

(9.6) 

In general, the composite section should be proportioned to carry both the 
dead and live loads without exceeding an allowable stress of 0.66Fy in the steel 
even when the steel section is not shored (AISCS 12.2). However, if the steel 
beam is unshored, the stress in the steel due to the dead loads (eqn. (9.4» plus 
the stress due to the live loads (eqn. (9.5» should not exceed 0.90Fy (AISCS 
12.2). This provision ensures that no permanent deformation under service loads 
will occur. 

The stress in the concrete, which is given by eqn. (9.2) or (9.6) as appropri­
ate, should not exceed 0.45/;, where/; is the compressive strength of the con­
crete (AISCS 12.2). 

Example 9.3. For Example 9.1, determine the transformed section of the con­
crete when Esteel = 29 X 106 psi and Econcrete = 2.9 X 106 psi. 

Solution. 

Esteel 29 X 106 psi 
n = -- = = 10 

Econc 2.9 X 106 psi 

a) For Example 9.1 interior beams, t = 5-~ in., b = 96 in. 

Effective area of concrete 

Ac = 5.50 in. X 96 in. = 528 in.2 
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A = Ac = 528 in. 2 = 52 8' 2 
ctr n 10 . 10. 

b) For Example 9.1 edge beam, t = 5-! in., b = 51 in. 

Effective area of concrete 

Ac = 5.50 in. x 51 in. = 280.5 in. 2 

A = Ac = 280.5 in. 2 _ 28 l' 2 
clr n 10 - . 10. 

Example 9.4. For the case shown, determine the transformed section proper­
ties and the stresses at points 1 and 2 given M = 160 ft-k. Use a W 18 x 35 
with b = 70 in., t = 4 in., n = 10, and shored construction. 

~----------------b----------------~ 

Pt. 1 

Solution. For W 18 x 35, 

A = 10.3 in. 2 , d = 17.70 in., 1= 510 in.4 

Determine transformed properties: 

b 70 in. 
b = - = ---- = 7 in 

Ir n 10 . 

Ac1r = 4 in. x 7 in. = 28 in. 2 

10.3 in. 2 x (17.70 in./2) + 28 in. 2 x (17.70 in. + 4 in./2) 
Y,r = 10 3' 2 28' 2 • 10. + 10. 

= 16.78 in. 
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IIr = 10 + E(Ad2) 

= 510 + 10.3 x C7~70 - 16.78 Y + C ~t)3) 
+ 28.0 x (17.70 + 2.0 - 16.78)2 

= 1434 in.4 

Stresses at extreme fibers: 

Point 1 

Ibs = ~tr = 160 ft-k X 11~!:' {n~4 X 16.78 in. = 22.47 ksi 

Point 2 

Mctop 160 ft-k X 12 in. 1ft X (21.70 in. - 16.78 in.) Ji - -- - = 0.66 ksi 
be - nItr - 10 X 1434 in.4 

Example 9.5. For the situation shown, determine the transformed section 
properties and the stresses in the extreme fibers of the steel and concrete given 
M = 560 ft-k. Use b = 88 in., t = 5 in. , n = 10, and shored construction. 

I 
20.99" CO2 

Solution. For a W 21 X 62, 

A = 18.3 in.2 

d = 20.99 in. 

I = 1330 in.4 

5" concrete 
I 

Cover l 1" X 6" 

btr = ~~ = 8.8 in. 

Actr = 8.8 in. X 5 in. = 44 in.2 
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Detennine centroid of transfonned section: 

18.3 in.2 x [1 in. + (20.99 in. /2)] + 6.0 in. 2 x (1 in. /2) 
+ 44.0 in.2 x [21.99 in. + (5 in./2)] 

Y,r = -----1-8-.3-in-."""2 -+---=:"'6-.0-1-·n-:. 2:--+-44~.-0-i-n.-=2-':"::~---

= 18.90 in. 

I,r = 10 + EAd2 = 5831.9 in.4 

Stresses at extreme fibers: 

fi - MY,r _ 560 ft-k x 12 in./ft x 18.90 in. _ . 
bs - I,r - 5831.9 in.4 - 21.78 kSI 

fi - Mctop _ 560 ft-k x 12 in./ft x (26.99 in. - 18.90 in.) _ . 
be - nl,r - 10 x 5831.9 in.4 - 0.93 kSI 

Example 9.6. Detennine the moment-resisting capacity of the composite sec­
tion shown. Assume A36 steel, f; = 3000 psi, n = 9, I,r = 8636 in.\ Y,r = 
17.99 in. Shored construction. 

c·t. l-f x .a"-:;C=::::r'. 

Solution. 

Fy = 36 ksi, Fb = 24 ksi (AISCS 12.2) 

Allowable concrete stress =!c = 0.45 f; 

= 0.45 x 3000 psi = 1.35 ksi (AISCS 12.2) 

M = Fb I,r = 24 ksi x 8636 in.4 
max 17.99 in. = 11520 in.-k Y,r 

= 960.0 ft-k 



374 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

The maximum concrete stress can be transposed to detennine the maximum 
moment capacity considering the concrete. 

Mclop 
he = -I-

n tr 

nfeltr 9 X 1.35 ksi X 8636 in.4 = 9340 in.-k 
Mmax = ClOP = 1.5 in. + 23.73 in. + 4 in. - 17.99 in. 

= 778.0 ft-k 

Since the moment capacity of the concrete is less than that of the steel, the 
concrete will fail first. Therefore, 

Mmax = 778 ft-k 

Note that for unshored construction, the moment capacity of the concrete would 
be based on the live load moment only. 

Example 9.7. Assuming that no shoring will be used, detennine the dead load 
moment capacity of the composite section of Example 9.6. 

W24X68 

• y= 8.65" 
_.Jt,--_L'C=~~ c.lt. l·r x 8" 

Solution. Since no shoring will be used, the steel alone will carry the dead 
load. 

For a W 24 X 68, 

A = 20.1 in. 2 

d = 23.73 in. 

I = 1830 in.4 

(1.5 in. x 8 in.)(1.5 in. /2) + 20.1 in. 2 (23.73 in. /2 + 1.5 in.) 
YSleel = (1.5 in. x 8 in.) + 20.1 in. 2 

= 8.65 in. from bottom 



COMPOSITE DESIGN 375 

2 8 in. (1.5 in.)3 . 2' • 2 
Istee• = 10 + E(Ad ) = 12 + 1210. (8.6510. - 0.75 10.) 

830' 4 20 l' 2 (23.73 in. 1 5 . 8 65' )2 + 1 10. + . 10. 2 +. 10. - . 10. 

= 3028 in.4 

Note that the quantity 8 X (1.5)3/12, which is the moment of inertia of the 
plate with respect to its weak axis, is usually neglected. 

Maximum moment capacity of steel section 

F,Js 24 ksi x 3028 in.4 . 
Mt = - = = 4383 10 -k = 365 ft-k 

op ctop 23.73 in. + 1.5 in. - 8.65 in. . 

_ F,Js _ 24 ksi x 3028 in.4 _ 840 . k - 700 ft k 
Moo - - - 1 10 - - -

t )istee. 8.65 in. . 

Moment capacity of the top governs 

Mmax = 365 ft-k 

Example 9.S. Check the adequacy of the composite section shown below. Span 
= 48 ft, 0 in. Beam spacing = 10 ft, 0 in. Slab is 6 in. nonnal-weight concrete 
with/; = 4000 psi (n = 8). Assume 25 psf for mechanical, ceiling, and light­
weight partitions. Live load = 200 psf. Unshored construction. 

6" 

W30 X l08 
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Solution. 

[~ = 48 X 12 = 144 in. 
b = 4 4 

center-to-center 10 12 120' ( ) . = X = m. governs 
spacmg 

120 . 
b tr = 8 = 15 m. 

Actr = 15 X 6 = 90in. 2 

( 29.83) 31.7 X -2- + [90 X (29.83 + 3)] 

Ytr = 31.7 + 90 = 28.16 in. 

( 29.83 )2 15 X 63 
I tr = 4470 + 31.7 -2- - 28.16 + 12 + 90(32.83 - 28.16)2 

= 4470 + 5561 + 270 + 1963 = 12,264 in.4 

S = 12,264 = 435 5' 3 
tr 28.16 . m. 

12,264 . 3 

SlOP = 29.83 + 6 _ 28.16 = 1599 m. 

Maximum applied moments: 

WD = 150 ~ X C26i!~ift) X 10 ft + 108 lb/ft = 858lb/ft 

482 

MD = 0.858 X 8" = 247 ft-k 

wL = (25 psf + 200 psf) X 10 ft = 2250 lb 1ft 

482 

ML = 2.25 X 8" = 648 ft-k 

Maximum applied stresses: 

In steel alone: 

247 X 12 
Ibs = 299 = 9.9 ksi < 24 ksi ok (9.4) 
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Live load only: 

648 x 12 
Ibs = 435.5 17.9 ksi 

fi = 648 x 12 = 0 61 k i 
be 8 X 1599 . s 

0.451; = 1.8 ksi > 0.61 ksi ok 

Dead load + live load: 

(648 + 247) x 12 . 
Ibs = 435.5 = 24.7 ksl 

(9.5) 

(9.6) 

Since 24.7 ksi > 0.66 x 36 = 24 ksi, beam is slightly overstressed. Say ok. 

Also, since the beam is unshored, 

Ibs (dead load only on steel alone) 

+ Ibs (live load only on transformed section) ::5 0.90Fy 

9.9 ksi + 17.9 ksi = 27.8 ksi < 0.9 x 36 ksi = 32.4 ksi ok 

9.4 SHEAR CONNECTORS 

For a steel beam and a concrete slab to act compositely, the two materials must 
be thoroughly connected to each other so that longitudinal shear may be trans­
ferred between them. When the steel beam is fully encased in the slab, me­
chanical connectors are not necessary, since longitudinal shear can be fully 
transferred by the bond between the steel and concrete. Otherwise, mechanical 
shear connectors are needed. 

Round studs or channels, welded to the top flange of beams, are the type of 
shear connectors most commonly used (see Fig. 9.5). The studs are round bars 
with one end upset to prevent vertical separation and the other welded to the 
beam. Because welded studs are often damaged when beams are shipped, field 
welding of the studs by stud welding guns is preferable. The allowable hori­
zontal shear loads for channels and round studs of various weights or diameters 
are tabulated in Table 14.1 of AISCS (reproduced as Table 9.1 here). 

According to the AISC, the number of shear connectors required for full com­
posite action is determined by dividing the total shear force Vh to be resisted, 
between the points of maximum positive moment and zero moment, by the 
shear capacity of one connector. For a simply supported beam, this number is 
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(a) (b) 

Fig. 9.5. Shear connectors for composite construction: (a) round-headed shear studs welded to the 
beam; (b) short length of a channel section welded to the beam. 

doubled to obtain the total number of connectors required for the entire span. 
The shear force Vh is the smaller of the two values as determined by the follow­
ing formulas «14-1) and (14-2), respectively): 

(9.7) 

(9.8) 

The AISC permits uniform spacing of the connectors between the points of 
maximum positive moment and the point of zero moment. For concentrated 
loads, the number of shear connectors required between any concentrated load 
and the nearest point of zero moment must be determined by (14-5). 

Note that when the longitudinal reinforcing bars in the slab are included in 
the calculation of the composite section properties (AISCS 14), the footnote on 
p. 5-58 is applicable. However, in practice, including the reinforcing bars is 
seldom done. Also, minimum and maximum shear connector spacings are given 
in AISCS 14. 

When the unit weight of the concrete falls between 90 and 120 Ib/ft3 (i.e., 
lightweight concrete), the allowable shear load for one connector is obtained 
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Table 9.1. Allowable Horizontal Shear Load for One Connector (ql. kips" 
(AISC Table 14.1, reprinted with permission). 

Specified Compressive Strength of 
Concrete (f ;), ksi 

Connectorb 

~ in. diam. x 2 in. hooked or headed stud 
i in. diam. x 2~ in. hooked or headed stud 
~ in. diam. x 3 in. hooked or headed stud 
i in. diam. x 3~ in. hooked or headed stud 
Channel C3 x 4.1 
Channel C4 x 5.4 
Channel C5 x 6.7 

3.0 

5.1 
8.0 

11.5 
15.6 
4.3 we 

4.6 we 

4.9 we 

a Applicable only to concrete made with ASTM C33 aggregates. 

3.5 

5.5 
8.6 

12.5 
16.8 
4.7 we 
5.0 we 

5.3 we 

bThe allowable horizontal loads tabulated may also be used for studs longer than shown. 
C w = length of channel, inches. 

>4.0 

5.9 
9.2 

13.3 
18.0 
5.0 we 
5.3 we 

5.6 we 

Table 9.2. Coefficients for Use with Concrete Made with C330 Aggregates 
(AISC Table 14.2, reprinted with permission). 

Specified Compressive 
Air Dry Unit Weight of Concrete, pef 

Strength of Concrete (t;) 90 95 100 105 110 115 120 

s4.0 ksi 0.73 0.76 0.78 0.81 0.83 0.86 0.88 
~5.0 ksi 0.82 0.85 0.87 0.91 0.93 0.96 0.99 

by multiplying the value given in Table 9.1 by the appropriate coefficient given 
in AISCS Table 14.2, p. 5-59 (see Table 9.2). 

Example 9.9. Determine the number of ~-in.-diameter studs required when 
f~ = 3000 psi and Fy = 36 ksi are used for the interior beams in 

a) Example 9.1. 
b) Example 9.2. 

Solution. Shear force Vh to be resisted by connectors 

Vh for concrete 
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AsFy 
Vh for steel = 2 

Capacity of one i in. stud = 15.6 k (AISCS Table 14.1) 

a) From Example 9.1, b = 96 in. 

Ac = b X t = 96 in. x 5.50 in. = 528 in. 2 

As = 10.3 in.2 

V - 0.85 X 3.0 ksi X 528 in. 2 _ 32 
hconc - 2 - 67. k 

10.3 in. 2 X 36 ksi 
Vhstl = 2 185.4 k 

Vh for steel governs. 

Total number of shear connectors required 

2 X 185.4 k _ 2 6 
15.6 k - 3.7 

Use 24 ~-in. studs 

b) From Example 9.2, b = 96 in. 

Ac = b X t = 96 in. X 5.50 in. = 528 in. 2 

As = 19.1 in. 2 

0.85 X 3.0 ksi X 528 in.2 
Vhconc = 2 = 673.2 k 

19.1 in. 2 X 36 ksi = 3438 k 
2 . 

Vh for steel governs 

Total number of shear connectors required 

Use 45 ~-in. studs 

2 X 343.8 k = 44.08 
15.6 k 
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Example 9.10. Detennine the number of 4-in. channels needed for shear trans­
fer whenf~ = 3.0 ksi and Fy = 36 ksi for the composite section shown. Assume 
the length of each channel to be 3 in. 

I----b = 74"-----1 

W 27 X 94 

~=:::::J;!... C.t. l·r x 9" 

Solution. 

Ac = tb = 6 in. x 74 in. = 444 in. 2 

As = AWF + ApI = 27.7 in. 2 + (Ii in. x 9 in.) = 41.2 in. 2 

_ 0.85 f~Ac _ 0.85 x 3.0 ksi x 444 in. 2 _ 566 I k ( ) 
Vhconc - 2 - 2 -. governs 

= AsFy = 41.2 in. 2 x 36 ksi = 741.6 k 
Vhstl 2 2 

Total number of shear connectors required 

2 x 566.1 k 
13.8 k = 82 (capacity of one shear connector = 4.6 x 3 = 13.8 k) 

Use 82 4-in. channels 3 in. long. 

Example 9.11. Verify the adequacy of the composite beam shown and deter­
mine for full composite action the number of ~-in.-diameter studs required be­
tween A and B and between Band C. Beams are spaced 8 ft, 0 in. on center; 
f; = 4000 psi (nonnal weight concrete). Shored construction. 

~-------b----~ 
27 kip 27 kip 4" Concrete slab 

~ ~ 3.5 kip/ft. 

W 27 X 94 

l·fX9" 
Cover plate -~~ 
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Solution. 

wL 
R = 2 + P = 105.75 k 

105.75 k x 45 ft 27 k x 15 ft 
Me = 2 - 2 

3.5 k/ft X (45 ft)2 

8 

= 1292 ft-k 

MB = 105 75 k x 15 ft _ 3.5 k/ft x (15)2 
. 2 

= 1193 ft-k 

Detennine transfonned section properties: 

L 45 ft . 
b s - = -- = 11.25 ft = 135 10. 

4 4 

b s 8.0 ft x 12 in. /ft = 96 in. (governs) 

n = 29,000,000 = 8.04 Use n = 8 
57,000 .j 4000 

b 96 in. . 
b,r = ~ = -8- = 12.010. 

(1.5 in. x 9 in.) x 0.75 in. + 27.7 in.2 x 14.96 in. 
+ [(4 in. x 12.0 in.) x 30.42 in.] 

Y,r = (1.5 in. x 9 in.) + 27.7 in.2 + (4 in. x 12.0 in.) 

= 21.1 in. 

I,r = E(/o + Ad2) = (1.5 x 9)(21.1 - 0.75)2 + 3270 

+ 27.7 (26~92 + 1.5 _ 21.1y + 12.0 72(4.0)3 

+ (4 x 12.0)(30.42 - 21.1)2 

= 14,138 in.4 

S = I,r = 14,138 in. 4 • 3 
Ir 21.1 = 67010. 

Y,r 
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. 3 24 ksi 
Mall = 670 m. X 12 in./ft = 1340 ft-k > 1292 ft-k ok 

S Itr 9'3 top = - = 124 m. 
Ytop 

fc = 0.45 f; = 1.8 ksi 

Mall = n X Stop X fc = 1499 ft-k > 1292 ft-k ok 

. . . 2 (26.92 in. . ) (1.5 in. X 9 m.) X 0.75 m. + 27.7 m. x 2 + 1.5 m. 

~ =------------------------------~------------
(1.5 in. x 9 in.) + 27.7 in.2 

= 10.3 in. 

Is = ~(Io + Ad2) = (1.5 x 9)(10.3 - 0.75)2 + 3270 

( 26.92 )2 + 27.7 -2- + 1.5 - 10.3 

= 5103 in.4 

Ss = 1. = 5103 ~n.4 = 496 in.3 
Ys 10.3 m. 

{3 = Str = 670 ~n.: = 1.35 
Ss 496 m. 

0.85 j;Ac 0.85 x 4.0 ksi x (96 in. x 4 in.) 
Vhconc = 2 = 2 = 652.8 k 

_ AsFy _ 41.2 in. 2 X 36 ksi _ 
Vhsteet - 2 - 2 - 741.6 k 

Governing Vh is due to concrete, Vh = 652.8 k. 

Shear capacity on-in. stud = 13.3 k 

Number of studs required between Mmax and M = 0 

Vh 652.8 k 
Nt = - = = 49.1 

q 13.3 k 

Use 50 studs. 
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Minimum number of studs N2 required between A and B 

49.1 (1193 x 1.35 _ 1) 
N2 = N1(M{3/Mmax - 1) = 1292 

{3 - 1 1.35 - 1 
(AISCS 14) 

= 34.6 say 35 studs 

Number of studs between A and B = 35 

Number of studs between Band C = 50 - 35 = 15 

When the required number of shear connectors for full composite action is 
not used, the AISC calls for an effective section modulus to be used as deter­
mined by eqn. (12-1): 

(9.9) 

where Ss is the section modulus of the steel alone (referred to the bottom flange) 
and Vi. is the shear capacity provided by the connectors used and is obtained 
by multiplying the number of connectors used and the shear capacity of one 
connector (AISCS 1.4). Conversely, when the required S,r is less than the avail­
able Sm transposition of eqn. (9.9) into 

(9.10) 

will give the horizontal force needed to be carried by shear connectors to ac­
commodate the required section modulus. The effective moment of inertia, leff 

is determined by (14-4): 

(9.11) 

where Is is the moment of inertia of the steel beam and I,r is the moment of 
inertia of the transformed composite section. In all cases, Vi. shall not be less 
than! Vh (AISCS 14). 
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Example 9.12. Referring to Example 9.11, detennine Self if only 28 3-in. chan­
nels 3 in. long are used on half of the beam. 

Solution. 

M 
Seff = Ss + ~v;: (Str - Ss) 

SIr = 670 in. 3 

Ss = 496 in. 3 

Vh = 652.8 k 

Shear capacity of each channel = 5.0 W 

w = length of channel = 3 in. 

5.0 k/in. X 3 in. = 15.0 k 

652.8 k . 
15.0 k = 43.5 Say 44 are needed for full capacity. 

Since only 28 channels are used, 

V;' = 28 x 15.0 k = 420.0 k 

.J420.0 . 3 
Seff = 496 + 652.8 (670 - 496) = 635.6 lD. 

24 
Note that Mall = 635.6 X 12 = 1271 ft-k < 1292 ft-k N.G. 

9.5 FORMED STEEL DECK 

When fonned steel deck (FSD) is used as pennanent fonnwork for the concrete, 
additional requirements governing the composite construction are given in 
AISCS 15. A typical composite floor system utilizing FSD is shown in Fig. 9.6. 
In general, AISCS 15.1 requires that the nominal rib height hr should not exceed 
3 in., and that the average width of the concrete rib Wr should not be less than 
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Fig. 9 .6 . Cutaway view of a typical composite floor system using fonned steel deck (FSD). 

2 in. Also, the slab thickness above the deck should not be less than 2 in. The 
welded stud shear connectors shall be ~ ·in . or less in diameter and shall extend 
at least 1~ in. over the top of the steel deck after installation. A schematic 
presentation of these requirements is given in Fig. 9.7. 

When the deck ribs are oriented perpendicular to the steel beams or girders, 
the main requirements of the AISCS are (see AISCS 15.2 and Fig. 9 .8a): 

1. Concrete below the top of steel decking shall be neglected in computations 
of section properties and in calculating Ac for eqn. (9 .7). 

2. The spacing of stud shear connectors shall not exceed 36 in . along the 
length of the beam. 

3. The allowable horizontal shear capacity of stud connectors shall be re­
duced from the values given in AISCS Tables 14. 1 and 14.2 by the reduc­
tion factor given in (15-1). 

Shear connector" 1 J" min. 
(~" if> m-ax".) 

" Welded through the deck or 
2" min . directly to the steel member 

Fig. 9.7. General requirements of fonned steel deck as given in AISCS 15.1 . 
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Fig. 9.8. Fonned steel deck (FSD) used as pennanent fonnwork for composite construction: (a) 
deck ribs oriented perpendicular to the steel beam; (b) deck ribs oriented parallel to the steel beam. 
Dimension and clearance restrictions shown in either (a) or (b) apply to both. 

4. The steel deck shall be anchored to the beam or girder by welding or 
anchoring devices, whose spacing shall not exceed 16 in. 

For composite sections with the metal deck ribs oriented parallel to the steel 
beam or girder (Fig. 9.8b), reference should be made to AISCS 15.3. The major 
difference to note between perpendicular and parallel orientation of deck ribs is 
that for the latter, the concrete below the top of the steel deck may be included 
when determining the transformed section properties and must be included when 
calculating Ae in eqn. (9.7). In general, Ae may be calculated from the following 
equation: 

where b = effective width of the concrete 
Ie = thickness of the concrete above the steel decking 
s = rib spacing (center-to-center of rib). 

(9.12) 

When the ratio of the average rib width to the rib height wr/hr is less than 
1.5, the allowable shear load per stud must be multiplied by the reduction factor 
given in (15-2). 
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The AISCS requirements for FSD are based on the assumption that the steel 
deck is adequate to span the distance between the steel beams. Manufacturers' 
catalogs provide recommended safe loads for various spans, steel deck gages, 
and concrete weights and strengths. The appropriate deck should be selected 
prior to the design of the composite section. 

Example 9.13. Check the adequacy of the composite system shown below. 
The metal deck, consisting of 3-in. ribs with 2! in. oflightweight concrete (110 
pef, f; = 4000 psi), weighs 47 psf. The loads applied after the concrete has 
cured are: partitions = 20 psf; ceiling and mechanical = 10 psf; live load = 
50 psf. Beam span = 35 ft. Beam spacing = 12 ft, 0 in. on center. Shear 
connectors are ~-in.-diameter x 4~-in.-Iong headed studs. Use A572 Gr 50 
steel. Unshored construction. 

Solution. 

WD = 0.047 k/ft2 x 12 ft + 0.035 = 0.6 klft 

WL = (0.020 + 0.010 + 0.050) x 12 = 0.96 klft 

MD = 0.6 Xg (35)2 = 91.9 ft-k 

0.96 x (35)2 
ML = g 147 ft-k 



Effective flange width: 

b = [35 x ~ = 105 in. 

12 X 12 = 144 in. 
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(governs) 

n = 29,000,000 = 8.04 Use n = 8 (base transfonned section 
57,000 .j 40CIJ properties on nonnal-weight concrete 

b" = 1~5 = 13.13 in. 
for stress computations per AISCS 12.2) 

Actr = 13.13 in. X 2.5 in. = 32.83 in. 2 

2 (17.70 in.) 2 10.3 in. X 2 + 32.83 in. 

(,77' 30' 2.5 in.' 
X ,1. In. + . In. + -2-

YIr = 
10.3 in.2 + 32.83 in.2 

= 18.82 in . 

. 4 .2 ( . 17.70in.)2 IIr = 510 In. + 10.3 In. X 18.82 In. - 2 

+ 1~ X (13.13 in.) X (2.5 in.)3 

3283' 2 (177' 3' 2.5 in. .)2 + . In. X • In. + In. + -2- - 18.82 In. 

= 510 + 1023.8 + 17.1 + 321.6 = 1872.5 in.4 

S = 1872.5 in.4 = 99 5' 3 
" 82 . . In. 18. In. 

1872.5 in.4 . 3 
Slop = 232' _ 1882' = 427.5 In . • In. • In. 

Check maximum stresses for full composite action: 

In steel alone: 

h. = 91.;7 ~ 12 = 19.2 ksi < 33 ksi ok 
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Live load only: 

147 X 12 
Ibs = ----

99.5 
17.7 ksi 

147 X 12 . , . 
Ibc = 8 X 427.5 = 0.52 kSI < 0.451 c = 1.8 kSI ok 

Dead load + Live load: 

I' (91.9 + 147) X 12 = 28.8 ksi < 33 ksi ok 
Jbs = 99.5 

For unshored construction: 

19.2 ksi + 17.7 ksi = 36.9 ksi < 0.9 X 50 = 45 ksi ok 

Therefore, the W 18 X 35 is adequate when using full composite action. How­
ever, a more economical solution is to use the same wide flange with partial 
composite action since, in this case, the actual stresses are much lower than the 
allowable ones. We will first compute the required number of studs for full 
composite action, and then recompute the stresses when less than this required 
number is provided. Typically, one stud per rib is usually provided along the 
span length. 

Determine the number of shear connectors required for full composite action. 

The allowable horizontal shear load for the ~-in.-diameter stud is 13.3 kips, as 
given in Table 9.1; however, this value must be modified, since we have light­
weight concrete and a metal deck spanning perpendicular to the beam. 

• From Table 9.2, the required coefficient = 0.83 (110 pcf concrete with a 
compressive strength of 4000 psi). 

• From (15-1), the following reduction factor is obtained: 

( 0.85) (Wr) (Hs ) ../ii; hr hr - 1.0 ~ 1.0 

where Nr = number of studs per rib and Hs = length of the stud after welding. 

In our case: 

N = r 
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Wr = (4.75 in. + 7.25 in.)/2 = 6.0 in. 

hr = 3.0 in. 

Hs = 4.875 in. - 0.1875 in. = 4.6875 in. (Note: see 
manufacturers' catalogs for typical losses in total 
stud length after welding.) 

Thus, the reduction factor is 

( 0.85) (6.0) (4.6875 _ ) = ° Jl 3.0 3.0 1 .96 

Reduced stud capacity = 0.83 x 0.96 x 13.3 k = 10.6 k 

0.85 x 4 ksi x (105 in. x 2.5 in.) 
Vhconc = 2 = 446.3 k 

Vhstl = 50 ksi \10.3 in. 2 = 257.5 k (governs) 

tal f d . full .. 2 x 257.5 To no. 0 stu s required for composite action = ----
10.6 

= 48.6 (say 49) 

Try using 35 studs total (one stud per rib). 

Since we have only 35 studs on this beam, we have less than full composite 
action, and the effective section modulus must be determined from eqn. (9.9): 

fVk 
Setf = Ss + ~v;: (SIr - Ss) 

Ss = 57.6 in.3 

2 x 257.5 
V;' = 35 studs x 10.6 k = 371 k > 4 = 128.8 k ok 

Setf = 57.6 + 
371 . 3 /---- (99.5 - 57.6) = 93.2 tn. 

2 X 257.5 
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(Note: using 35 studs corresponds to [371/(2 x 257.5)] x 100% = 72% of 
full composite action.) 

Recheck the stresses: 

Ji = (91.9 + 147) X 12 = 30 8 k . 33 k· ok 
bs 93.2 . SI < SI 

147 x 12 . 
19.2 + 93.2 = 38.1 kSl < 0.9 X 50 = 45 ksi ok 

Note: The stress in the concrete does not need to be rechecked, since it is 
maximum when there is full composite action. If the magnitude of this stress 
were required, it could be obtained by using the procedure given in the AISCM 
on p. 2-243. Therefore, W 18 x 35 with ~-in.-diameter studs spaced 12 in. 
o.c. (one stud/rib) is adequate. 

9.6 COVER PLATES 

When cover plates are used in composite construction, it is not generally re­
quired to extend the cover plate to the ends of the beam where the moments are 
small. To determine the theoretical cutoff point for cover plates, the easiest 
method is to draw the moment diagram of the span and locate the parts of the 
beam that will require the extra moment capacity provided by the cover plate. 

It is generally good practice to use cover plates that are at least 1 in. narrower 
than the bottom flange of a shop-fabricated beam to leave sufficient space along 
the edge for welding. When reinforcing existing beams, the bottom plates are 
usually wider than the bottom flange so as to avoid the difficulty of overhead 
welding. The AISCS requires that partial-length cover plates be extended be­
yond the theoretical cut-off point and welded or high-strength-bolted (SC) to 
the beam flange to transfer the flexural stresses that the cover plate would have 
received had it been extended the full length of the beam (see AISCS BIO and 
Sect. 3.1 of this book). The force to be developed in the cover plate extension 
is equal to MQ / I, where M is the moment at the cutoff point, Q is the statical 
moment of the cover plate about the neutral axis of the composite cover-plated 
section, and 1 is the moment of inertia of the composite cover-plated section 
(AISCS Commentary BlO). For further details, see Chapters 3-5. 

Example 9.14. Determine the theoretical cutoff point and the connection of the 
cover plates for loading as shown for the beam in Example 9.11. Use f ~ of 4000 
psi, and neglect the weight of the beam. 
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124 kip 

l 
j)); 

1==21'-0" ,I ~ 
21'-0"=1 

42'-0" 

PL 124 k x 42 ft 
M = -- = = 1302 ft-k 

mal< 4 4 

Str with cover plates = 670 in.3 (see Example 9.11) 

S,r without cover plates = 324 in.3 

Moment capacity of beam without cover plate 

M = S,r X Fb = 324 in. 3 X 24.0 ksi = 7776 in.-k 

= 648 ft-k 

Moment capacity of beam with cover plate 

Mmal< = 670 ft-k x 24 ksi = 16,080 in.-k = 1340 ft-k 

I f 
I 

-____ , ______ ! ______ I _____ ~ 1302ftl-kiP 

I I I 648 ft -kip 
I I I __ ~t __ ~ __ 

To determine x, 

x 21 
648 = 1302' x = 10.45 ft 

21.0 - x = 21.0 - 10.45 = 10.55 ft 

A 1!-in. x 9-in. cover plate, 2 x 10.55 ft = 21.1 ft long is theoretically 
required 10.45 ft from either end. See Chapter 3 for development length nec­
essary according to AlSC requirements (AISCS BI0). 
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Extension length 

L = 1.5 X 9 in. = 13.5 in. 

Shear at cutoff point 

v = 62.0 k 

Q = ApI X Y = 13.5 in. 2 X (21.1 in. - 0.75 in.) = 274.7 in.3 

Shear flow 

_ VQ _ 62.0 k X 274.7 in.3 _ I.n 
q - I - 14,138 in.4 - 1.20 k 1 • 

Using minimum E70 intermittent fillet welds at 12 in. on center, 

Weld size = 156 in. (AISCS J2.2b) 

Fw = 5 X 0.928 k/in./sixteenth = 4.64 k/in. 

12 in. 1ft X 1.20 k/in. . 
lw = 464 k/· 2·d = 1.55 10. 1ft length . 10. X SI es 

Say lw = 1~ in. per 1 ft length E70 f6 in. intermittent fillet weld. 

Termination welds (AISCS B 10) 

648 ft-k X 12 in) ft X 274.7 in.3 51 k 
H(force needed) = 3 . 4 = 1 

14,1 810. 

Total weld length 

lw = 1.5 X 2 X 9 in. + 9 in. (end) = 36 in. 

Force developed 

36 in. X 4.64 k/in. = 167.0 k > 151.0 k ok 

Example 9.15. Rework Example 9.14 with distributed loading of 5.8 kips per 
foot. 

w = 5.8 kip/ft 

iIII!!!!!!!~ 

I, 42·-0" ·1 
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Solution. 

M = WL2 = 5.8 k/ft x (42 ft)2 
mu 8 8 

= 1279 ft-k 

From Example 9.14, moment capacity of the section without cover plate is 648 
ft-k. 

Shear diagram t 
A i 118 + 

I I 5.Bx kip 121.8 kip 

I I ===i===-__ -1~ __ I I I 
I I I 
I I I I I 

21-x--! i--x----j-x--/ 1-21-x 
I I I I I 

~
I : ----1-:----------~--

Momentdiagram:: I 1279ft-kip 
~648ft-kip I 

From statics, the area under the shear diagram is equal to the change in moment. 

Change in moment between B and C = 1279 - 648 = 631 ft-k 

Area under shear diagram between B and C = 631 ft-k 

Area under shear diagram between Band C = (x)(5.8 x) x t 
= 2.90X2 

2.90 x 2 = 631 ft-k 

x 2 = 217.6; x = 14.75 ft 

21 - x = 6.25 ft 

The theoretical length of cover plate is (2 x 15 ft) = 30 ft long, 6 ft from either 
end. 

Shear at termination point 

VB = 5.8 k/ft x 14.75 ft = 85.6 k 

Q = 274.7 in.3 (Example 9.14) 

q = VQ = 85.6 k x 274.7 in.3 = 1.66 k/in. 
I 14,138 in.4 
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Use &-in. E70 intermittent fillet weld at 12 in. on center. 

I - 12 in./ft x 1.66 k/in. _ 2 5' 
w - 4.64 k/in. x 2 -.1 tn. 

Use lw = 2! in. E70 ~ in. intermittent fillet weld. 

Termination welds-same as in Example 9.14. 

9.7 DEFLECTION COMPUTATIONS 

To simplify deflection computations of simply supported beams under uni­
formly distributed loading, the following formulas may be used. They are de­
rived from the expression A = 5 wI4 /384 EI. For unshored construction 

and for shored construction 

Mol} 
AD = 161 I 

s 
(9.13) 

(9.14) 

(9.15) 

(9.16) 

where M is the moment in ft-kips, L is the span in feet, and I is the moment of 
inertia in inch4, and where subscript D is for dead load, subscript L is for live 
load, subscript s is for steel alone, and subscript tr is for transformed section. 

Example 9.16. Show that the deflection formula commonly used for composite 
construction for uniformly distributed loading is derived from simple beam de­
flection. 
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Solution. The equation for deflection of simply supported beams is 

5 wl4 •• h 
.:1 = 384 EI' 10 mc es 

When the moment due to uniform loading is introduced, 

512 wl2 5 Ml2 
.:1=--x-=--

48 EI 8 48 EI 

Inserting the value for Es'eel yields 

5 Ml2 Ml2 
.:1= =---

48 x 29,000 x I 278,400 1 

Converting units, 

. M ft-k L ft2 . / 3 

.:1 m. = 278,400 ksi I in.4 (12 m. ft) 

ML2 
.:1 = 161 J' where.:1 is in inches, M is in 

foot-kips, I is in inches4, and L is in feet. 

Example 9.17. For the composite section in Example 9.11, determine dead 
load deflection, live load deflection, and total deflection when the dead load 
moment is 748 ft-k and the live load moment is 554 ft-k. Assume unshored 
construction. Moments are due to uniform loads. Span = 42 ft. 

Solution. From Example 9.11, 

IIr = 14,138 in.4 

Is = 5105 in.4 

Mvl} 554 ft-k x (42 ft)2 . 
.:1D = 161 Is = 161 x 5105 in.4 = 1.19 m. 

A = MLL2 = 748 ft-k x (42 ft)2 = 0 58 . 
IJoL • 4 • m. 

161IIr 161 X 14,138 m . 

.:1T = .:1D + .:1L = 1.19 in. + 0.58 in. = 1.77 in. 
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Example 9.18. Detennine the dead load deflection, live load deflection, and 
total deflection of Example 9. 17 if shored construction is used. 

Solution. 

Il.o = MoL2 = 554 ft-k x (42 .ft)~ = 0.43 in. 
161Itr 161 x 14,138 In. 

MLL2 748 ft-k x (42 ft)2 . 
Il.L = -- = 161 x . 4 = 0.58 m. 161Itr 14,138 m. 

Il.T = Il.o + Il.L = 0.43 in. + 0.58 in. = 1.01 in. 

Example 9.19. Detennine the dead load deflection, live load deflection, and 
total deflection for the composite section in Example 9. 13. 

Solution. From Example 9.13: 

Mo = 91.9 ft-k, ML = 147 ft-k, Is = 510 in.4 

MoL2 91.9 ft-k x (35 ft)2 
Il. = -- = = 1.37 in. 

o 161 Is 161 x 510 in.4 

In order to compute the live load deflection, the effective moment of inertia Ieff 

must be computed based on the transfonned section properties of the light­
weight concrete. 

b = 105 in. (see Example 9.13) 

In general, Ee = W ~.5 33.ffc where We is the unit weight of 
concrete, lb I ft3 

Ee = (110)1.5 x 33 x ./4000 = 2,407,870 psi 

29,000,000 
n = = 12.04 Use n = 12 

2,407,870 

105 . 
btr = 12 = 8.75 m. 

(9.11) 



Actr = 8.75 x 2.5 = 21.88 in.2 

Yt, = 17.76 in. 

It, = 1723.1 in.4 

Ieff = 510 + .J0.72 (1723.1 - 510) = 1539.3 in.4 
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MLL2 147 ft-k x (35 ft)2 . 35 x 12 . 
~L = 161 Ieff = 161 x 1539.3 in.4 = 0.73 lD. < 360 = 1.17 lD. ok 

~T = ~o + ~L = 1.37 + 0.73 = 2.10 in. 

(Note: In general, some or all of the dead load deflection can be taken out by 
cambering the steel beam.) 

9.8 AISCM COMPOSITE DESIGN TABLES 

Since the compression flange of the steel beam has continuous lateral support 
in standard composite construction, the allowable bending stress in the steel Fb 
equals O.66Fy- To aid in the selection of an economical beam size, Composite 
Beam Selection Tables have been provided in the AISCM starting on p. 2-259. 
The discussion on the use of these tables starts on p. 2-243, and examples begin 
on p. 2-249. Note that to simplify the presentation, some approximations were 
introduced which make the values in the tables slightly conservative. The fol­
lowing examples illustrate the use of these design aids. 

Example 9.20. Design a composite section for dead load of 90 Ib /ft2 (includ­
ing beam weight) and live load of 100 Ib / ft2 when W 24 beams are placed 10 
ft on center and no cover plates are to be used. The beam length is 45 ft, 
concrete thickness 5 in.,f; = 3000 psi and n = 9. Use ~-in.-diameter headed 
studs. Unshored construction. 

Solution. Loads on beam: 

Wo = 0.09 k/ft2 x 10 ft = 0.9 k/ft 

WL = 0.10 k/ft2 x 10 ft = 1.0 k/ft 

Mo = 0.9 k/ft x (45 ft)2 = 227.8 ft-k 
8 
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ML = 1.0 k/ft ; (45 ft)2 = 253.1 ft-k 

MT = 227.8 + 253.1 = 480.9 ft-k say 481 ft-k 

M 481 ft-k x 12 in./ft . 3 
Strreq = Fb = 24 ksi = 240.5 m. 

[~ = 45 : 12 = 135 in. 
b = lesser of 

center-to-center spacing = 10 x 12 = 120 in. 

b = 120 in. 

120 33 . 
b tr = 9 = 1 . m. 

Actr = 5 in. x 13.3 in. = 66.7 in.2 

From the Composite Beam Table on p. 2-271, try a W 24 x 76 which has a 
Str == Sir = 246.3 in.3 for Y2 = 5.0/2 = 2.5 in. (value ofSrn obtained from 
double interpolation, is conservative). Note that if the values of Str fall within 
the gray shaded area in the tables, the neutral axis of the composite section is 
within the concrete. 
Also from the Composite Beam Table: 

Is = 2100 in.4 

Ss = 176 in.3 

As = 22.4 in. 2 

d = 23.9 in. 

Itr == I tr = 5590 in.4 (from double interpolation) 

5590 in.4 

Ytr = 246.3 in.3 = 22.7 in. 

Crop = 23.9 in. + 5.0 in. - 22.7 in. = 6.2 in. 
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Check stresses: 

Dead load: 

~ _ 227.8 ft-k X 12 in./ft _ 155 k . 2 . ok 
Jbs - 6' 3 -. SI < 4 kSI 

Live load: 

17 m. 

+ _ 253.1 ft-k x 12 in./ft _ 123 . 
Jbs - 246.3 in.3 -. kSI 

253.1 ft-k x 12 in./ft X 6.2 in. 
he = 9 X 5590 in.4 

= 0.37 ksi < 0.45 X 3.0 ksi = 1.35 ksi ok 

Dead load + live load: 

481 ft-k X 12 in./ft 234 k . . k 
Ibs = 246.3 in.3 =. SI < 24 kSI 0 

For unshored construction: 

15.5 ksi + 12.3 ksi = 27.8 ksi < 0.9 X 36 ksi = 32.4 ksi ok 

[
403 k (from Composite Beam Table for steel) (governs) 

Vh = lesser of 
0.85 X 3 ksi X 120 in. X 5 in./2 = 765 k 

Total number of studs required: 

N = 2 x 403 k = 51.6 say 52 studs for full composite action 
15.6 k/stud 

Determine the total number of studs required for partial composite action: 
Solve (12-1) for Vi.: 

[s S]2 Vi. = Vh trreq s 

SIr - Ss 

[240.5 - 176.0]2 2 X 403 
= (2 X 403) X 246.3 _ 176.0 = 678.5 k > 4 = 201.5 k ok 
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N = 678.5 = 43.5 say 45 studs for the entire length. 
15.6 

Check deflection: 

.J678.5 . 
leff = 2100 + 806.0 (5590 - 21(0) = 5302 m.4 

= 253.1 ft-k x (45 ft)2 = 0 60 in. 45 X 12 ok 
ilL 161 X 5302.0 in.4 . < 360 = 1.5 in. 

Il = 227.8 ft-k X (45 ft)2 = 1.36 in. 
D 161 X 2100.0 in.4 

IlT = 0.60 + 1.36 = 1.96 in. 

Example 9.21. Detennine the required length of the cover plate for the com­
posite beam shown below. Use E70 welds and ~-in.-diameter headed studs. The 
beam span is 50 ft, and the beams are spaced 10 ft on center. Total load on a 
beam is 4.1 k/ft (DL + LL). Use t; = 3000 psi concrete (n = 9). Shored 
construction. 

~----------------b----------------~ 

W 27 X 94 
-t 

1-( X 9"~~~~~ 
Solution. 

WL2 4.1 k/ft X (50 ft)2 
M = - = = 1281 ft-k 

max 8 8 

Fb = 0.66 X 36 ksi = 24.0 ksi 
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S = M = 1281 ft-k x 12 in./ft = 640 5 ·n 3 
Irreq Fb 24.0 ksi . 1. 

b= 
4 - 1 lD. [

50 ft x 12 in. 1ft _ 50. 

10 ft. x 12 in. 1ft = 120 in. (governs) 

120 in. 
b,r = -9- = 13.3 in. 

Actr = 13.3 in. x 4.5 in. = 60 in. 2 

( 26.92 ) (9 in. X 1.5 in.) x 0.75 in. + 27.7 in.2 X -2- + 1.50 

+ (60 in.2) X (1.50 + 26.92 + 4~5) 
Y,r = -----(9-in-. -X-l-.5-1-·n-.)"'--+-2-7-.7-in....,.2~+-60--in"'-:. 2,-----

= 22.4 in. 

( 26.92 )2 
l,r = (9 x 1.5)(22.4 - 0.75)2 + 3270 + 27.7 22.4 - -2- - 1.5 

13.3 x (4.5)3 (4.5 )2 
+ 12 + (60) 2 + 26.92 + 1.5 - 22.4 

= 15,336 in.4 

15,336 in.4 . 3 . 3 . 
S,r = 22 4 . = 684.6 lD. > 640.5 lD. reqUIred ok 

• lD. 

Find theoretical length of cover plate: 

Transfonned section modulus of W 27 x 94 without cover plate: 

Enter Composite Beam Selection Table with Aclr = 60 in.2 and Y2 = 4.50 
in./2 = 2.25 in. to obtain (from interpolation): 

S,r = 329 in.3 

l,r = 7956 in.4 

Moment capacity of section without cover plate 

= = 329 in.3 X 24 ksi = 658 ft-k 
M S,rFb 12 in. 1ft 
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Change in moment between maximum and theoretical cutoff point 

1281 ft-k - 658 ft-k = 623 ft-k 

Area under the shear diagram between the same two points 

623 ft-k = (X)(4.1 X) X ! = 2.05 X2 

Shear diagram 
I 
I 
I 
I 
I 
I 
I 

25-x-j 

Moment diagram 

t 
4.1x 
+ 

658 ft ·kip 

2.05 X2 = 623 ft-k 

X = 17.43 ft say 17.50 ft 

Theoretical length of cover plate 

2 x 17.50 ft = 35 ft-O in. 

Theoretical end point of cover plate 

50 ft - 35 ft 
2 = 7.5 ft from beam ends 

Minimum size of weld = -ft. in. 

Capacity of -ft.-in. weld for both sides of cover plate 

Fw = 2 x (5 x 0.928) = 9.28 k/in. 

Shear at cutoff points 

v = 35.0 ft x 4.1 k/ft = 71 8 k 
2 . 

t 
102.5 kip 

t 



Shear flow 

VQ 
q=­

I 
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5 . 9 . ( 1.5 in.) 292 3' 3 Q = (1. tn. X tn.) X 22.4 in. - -2- = . tn. 

71.8 k X 292.3 in. 3 I' 
q = 15,336 in.4 = 1.37 k tn. 

Assuming intennittent fillet welds spaced 12 in. O.c., 

R 'red Id I gth - 1.37 k/in. X 12 in. - 1 77 . 
eqUl we en - 9.28 k/in. -. tn. 

Use 2-in. weld at 12-in. spacing center-to-center. 

Force to be resisted by end weld 

MQ = 658 ft-k X 12 in·/ft x 292.3 k/in. = 1505 k 
I 15,336 in.4 . 

Using AISCS BIO, extend plate 131 in. beyond the theoretical cutotfpoint with 
continuous fillet weld. 

Force available 

L = (2 X 13.5 in.) + 9 in. = 36 in. 

H = 36 in. x 4.64 k/in. = 167.0 k > 150.5 k ok 

Number of studs required for steel for one-half span 

= A,Fy = (27.7 + 13.5) X 36 = 741 6 k 
Vhsleel 2 2 . 

Ac = t X b = 4.5 in. X 120 in. = 540 in.2 

Number of studs required for concrete 

Vhconc = 0.85 {~Ac = 0.85 x ; x 540 = 688.5 k (governs) 
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Capacity of ~-in. studs = 11.5 k 

N = 688.5 k = 59.9 say 60 studs for one-half span 
11.5 k 

Use total of 120 ~-in. cf> studs. 

Note: This is the number of studs needed for full moment capacity. As the 
required moment is less than the available, the number of shear connectors may 
be reduced by 

V;' = Vh Irreq - s (s S)2 
SIr - Ss 

Calculating Ss (section modulus of steel beam referred to its bottom flange), 

(9 x 1.5 x 0.75) + 27.7 x (_26_~9_2 + 1.50) 

Ys = ---------------- = 10.30 in. 
9 x 1.5 + 27.7 

Is = 9 x 1.5 x (10.30 - 0.75)2 + 3270 + 27.7 

( 26.92 )2 
x 10.30 - -2- - 1.5 

= 5103 in. 4 

5103 in.4 . 3 
Ss = 10 . = 495.4 m . 

. 30 m. 

V' = 688.5 x (640.5 - 495.4)2 = 4 
h 684.6 _ 495.4 05 k 

405 k 
N = 688.5 k x 59.9 x 2 = 70.5 say 72 i-in. cf> studs (total) 

Check shear 

V = 102.5 k 

+ __ 102.5 k 
JI -------- = 7.77 ksi < 14.5 ksi ok 

v 26.92 in. x 0.490 in. 

As the beam is not to be coped, there is no need to verify safety in tearing of 
web (block shear). 
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Example 9.22. Design beam A for the situation shown. Because of clearance 
limitations, beam A cannot exceed 17 in. in depth. Also, verify beam B, which 
is a W 27 x 102 with a I! x 9 in. cover plate on its bottom flange. Note that 
beam A will be coped where it frames into beam B, so that both top flanges will 
be at the same elevation. The slab is 4! in. normal-weight concrete with!; = 
3 ksi (n = 9). Shear connectors are ~-in.-diameter headed studs. Unshored con­
struction. 

Solution. 

Beam A 

DL 

LL 

4.5 in. / 
12 in. /ft x 0.15 kcf x 10 ft = 0.563 k ft 

Beam (estimated) = 0.060 k/ft 

WD = 0.623 k/ft 

Ceiling, flooring, partition 0.030 ksf x 10 ft = 0.30 k/ft 

0.100 ksf x 10 ft = 1.00 k/ft 

wL = 1.30 k/ft 

wDL2 0.623 k/ft x (35 ft)2 9 
MD = -8- = 8 = 5.4 ft-k 

ML = wLL2 = 1.30 k/ft x (35 ft)2 = 199.1 ft-k 
8 8 

Mtot = MD + ML = 294.5 ft-k 

= 12 in./ft x M tot = 12 in./ft x 294.5 ft-k = 1473. 3 
S,rreq Fb 24 ksi . 10. 
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Since the Composite Beam Tables do not provide values for heavy W 16 sec­
tions, a trial and error procedure must be performed: 

• Try W 16 X 57: 

A = 16.8 in. 2, d = 16.43 in., Is = 758 in.4, Ss = 92.2 in.3 

--- = 1 tn. (governs) 
b= 4 [

35 X 12 05 . 

10 X 12 = 120 in. 

105 in. . 
b tr = -9- = 11.67 tn. 

Transformed section properties are as follows: 

Ytr = 16.14 in. 

I tr = 2241 in.4 

Str = 138.8 in. 3 < 147.3 in.3 N.G. 

• Try the next heaviest section, which is W 16 x 67: 

A = 19.7 in. 2 , d = 16.33 in., Is = 954 in.\ Ss = 117 in. 3 

btr = 11.67 in. (as before) 

Transformed section properties: 

Check stresses: 

Dead load: 

Live load: 

Ytr = 15.74 in. 

I tr = 2597 in. 4 

Str = 165.0 in. 3 > 147.3 in. 3 ok 

95.4 x 12 . 
Ibs = 117 = 9.78 ksi < 24 kSI ok 

Ji, = 199.1 x 12 = 14.48 ksi 
s 165 
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fi = 199.1 x 12 x 5.09 = 0.52 ksi 
be 9 x 2597.0 

0.52 ksi < 0.45 x 3 = 1.35 ksi ok 

Dead load + live load: 

Section is ok since SIr> Strre<j (see above) 

For unshored construction: 

9.78 ksi + 14.48 ksi = 24.26 ksi < 32.4 ksi ok 

W 16 X 67 is adequate for the case of full composite action. 

_ I' /2 - 0.85 x 3.0 ksi X 105 in. X 4.5 in. - 602 
Vh - 0.85 cAe - 2 - .4 k 

Vh = AsFy/2 = 19.70 in.: X 36 ksi = 354.5 k (governs) 

Use Vh = 354.5 k 

Considering that Slrre<j < Sm reduce Vh to Vh: 

, _ [Strre<j - SsJ2 _ (147.3 - 117.0)2 = 141 3 k 
Vh - Vh X SIr _ Ss - 354.5 X 165.0 - 117.0 . 

= 141.3 k X 2 = 24.6 
N 11.5 k 

Use 26 connectors total. 

Beam end shear 

35 ft 
V = 1.923 k/ft X -2- = 33.7 k 

Iv = 33.7 k = 5.22 ksi < 14.5 ksi ok 
16.33 in. X 0.395 in. 
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Framed connection 

2L 2" 

W 16 X 67 beam will be coped 2 in. deep with reaction of 33.7 k. Bolting will 
be with two i-in. q, A325-N high-strength bolts. 

From Table I-D (AISCM, p. 4-5), 

Shear capacity = 2 X 18.6 k = 37.2 k > 33.7 k 

From Table I-F, for bearing on the i-in. beam web: 

Lv = 2 in. > 1.5 X 0.75 = 1.125 in. 

Bearing capacity = i in. X (2 X 52.2 k/in.) = 39.2 k > 33.7 k ok 

From Table I-F, for bearing on the ft;-in. framing angles: 

Bearing capacity = f6 in. X (2 X 52.2 k/in.) = 32.6 k > 33; k ok 

From Table I-G, for web tearout (block shear): 

Lv = 2 in., Lh = 2 in. 

RBS = (1.60 + 0.33) X 58 X i = 42.0 k > 33.7 k ok 

Use 2 L 4 X 4 X ft; x 7 in. long for the framing angles. 
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Deflection 

r;:m 
= 954 + ~~ (2597 - 954) = 1991 in.4 

95.4 x (35)2 . 
ll.D = 161 x 954 = 0.7610. 

ll. = 199.1 X (35)2 = 0.76 in 
L 161 x 1991 . 

I 35 ft x 12 in. 1ft . 
360 = 360 = 1.17 > 0.7610. ok 

BeamB 

Weight of beam + plate = 102 + 46 = 148 lb I ft say 150 lb I ft 
Allowance for concentrated load 

0.15k/ft x 40ft = 2k 
3 

Concentrated DL (0.623 k/ft x 35 ft/2 x 2) + 2.0 k = 23.8 k 

Concentrated LL 1.30 k/ft x 35 ft/2 x 2 = 45.5 k 

Total load = 69.3 k 

fJ-~ ---4 spes@10'=40'-----It 

PD = 23.8 k RD = 35.7 k 

PL = 45.5 k RL = 68.3 k 

MD = 35.7 k x 20 ft - 23.8 k x 10 ft = 476 ft-k 

ML = 68.3 k x 20 ft - 45.5 k x 10 ft = 911 ft-k 
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Using W 27 X 102 + 1!-in. x 9-in. cover plate, calculate properties with and 
without concrete. 

~----------------b----------------~ 

Steel properties 

L 
I" 1-
2 

Beam properties: 

A = 30 in.2 

I = 3620 in.4 

9 in. x 1.5 in. x 0.75 in. + 30 in.2 x (27~09 + 1.5 in.) 

~ = ----------------------------~-----------
9 in. x 1.5 in. + 30 in.2 

= 10.61 in. 

Is = 13.5 in.2 x (.75 in. - 10.61 in.)2 

30 ' 2 (27.09 in. 5 . 0 6)2 4 + lD. X 2 + 1. lD. - 1 . 1 in. + 3620 in. 

= 5522 in.4 

5522 in.4 
Sstop = 2709' 1 5 . 1061' = 307 in. 3 

• lD. + . lD. - • lD. 

S = 5522 in.4 = 520' 3 
sbot 10.61 in. lD. 

307 in. 3 X 24 ksi 
Mall = 12 in. 1ft = 614 ft-k > 476 ft-k ok 

Transfonned section properties 

[
40 x 12 ----- = 120 in. (governs) 

b= 4 

35 x 12 = 420 in. 



COMPOSITE DESIGN 413 

b = 120 in. = 13 3 . 
" 9 . 10. 

9 in. x l.S in. x 0.7S in. + 30 in.2 X (27.09 in./2 + l.S in.) + 

4.S in. x 13.3 in. x (27.09 in. + l.S in. + 2.2S in.) 
y" = ----9-in-.-x-l-.S-i-n-. -+--=3'-0-i-n-=.2-+-1-3.-3-in-.-x-4-.S-i-n-. --...:....--

= 22.3 in. 

f,r = 13.S in.2 X (0.7S in. - 22.3 in.i + 30 in.2 

( 27.09 in. c . 3. )2 
X 2 + I . .) 10. - 22. 10. 

3620 · 4 13 3 . (4.S in.)3 
+ 10. + . 10. x 12 

+ 4.S in. x 13.3 in. x (27.09 in. + l.S in. 

+ 2.2S in. - 22.3 in.i 

= IS,934 in.4 

S = IS,934 in.4 = 1477· 3 
top 27.09 in. + l.S in. + 4.S in. - 22.3 in. 10. 

e- = IS,934 in.4 = 71 C • 3 
~Ir 22 3 . .) 10 • 

• 10. 

M = 7lS in.3 X 24 ksi = 1430 ft-k > 1387 ft-k ok 
max 12 in. 1ft 

S = 1387 ft-k 12 in·/ft = 694· 3 
Irreq X 24 ksi 10. 

Check concrete stress: 

II = 911 ft-k x 12 in. 1ft = 0.82 ksi < 1.3S ksi ok 
be 9 x 1477 in.3 

Verify steel stresses for unshored construction: 

Dead load: 

Top: ~ _ 476 ft-k x 12 in. 1ft _ 186 ks· 24 ks· ok 
Jbs - 307. 3 -. 1 < 1 

10. 
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Bottom'. fi - 476 ft-k X 12 in. 1ft - 11 0 ks' 
bs - 520in.3 -. 1 

Live load: 

Top: 
= 911 ft-k x 12 in. 1ft X (28.59 in. - 22.3 in.) = 43 ksi 

j"s 15,934 in.4 . 

Bottom: fi = 911 ft-k x. 12 in. 1ft = 15.3 ksi 
bs 71510.3 

Totals: 

Top: 18.6 ksi + 4.3 ksi = 22.9 ksi < 0.9 X 36 ksi = 32.4 ksi ok 

Bottom: 11.0 ksi + 15.3 ksi = 26.3 ksi < 32.4 ksi ok 

Shear connectors 

Vh = (30 in.2 + 13.5 in?) X 362ksi = 783 k 

Vh = 0.85 X 3.0 ksi x 120 in. ; 4.5 in. = 689 k (governs) 

V' = 689 k x (694 - 520)2 = 549 k 
h 715 - 520 

N = 2 x 549 k = 96 Lin studs 
11.5 k 4' 

Use 48 shear connectors in each half of beam B 

Connectors needed between load at quarter points and support 

Nt (~- 1) 
N2 = ~ _ 1 (AISCS 14) 

694 in.3 
~ = 520 in.3 = 1.335 

M = (35.7 k + 68.3 k) x 10 ft = 1040 ft-k 
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Mmax = 1387 ft-k 

48 x (~ x 1.335 - 1) 

N2 = 1.335 _ 1 "" 0 

Studs may be unifonnly spaced. 

Cover plate cutoff 

Calculating transfonned properties for W 27 X 102 without cover plate: 

Ytr = 24.1 in. 

I tr = 8706 in. 4 

S - 8706 in.4 _ 36 . 3 
tr - 24 l' - 1 10 . 

. 10. 

8706 in.4 • 3 
Stop = . . . = 1162 10. 

27.09 10. + 4.5 10. - 24.1 10. 

Allowable moment without cover plate 

24 ksi 
Mall = 361 in. 3 X 2' / = 722 ft-k 

1 10. ft 

Distance of cutoff point to end beam 

104 k X X = 722 ft-k, X = 6.94 ft 

Welding 

Q = 13.5 in. 2 x (22.3 in. - 0.75 in.) = 290.9 in. 3 

Shear flow between concentrated load at quarter point and cutoff 

v = 104 k 

104 k x 290.9 in. 3 / 
q = = 1.90 kin. 

15,934 in.4 
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Shear flow between two concentrated loads 

v = 104 k - 69.3 k = 34.7 k 

q = 34.7 k x 290.9 in. 3 = 0.63 k/in. 
15,934 in.4 

Use ~-in. E70 intennittent fillet welds 

Fw = 5 x 0.928 k/in. = 4.64 k/in. 

Minimum length = 1.5 in. 

Spacing of welds between concentrated load to cutoff 

4.64 k/in. x 1.5 in. x 2 
s = = 7.33 in. 

1.90 k/in. 

Use ~-in. weld 1!-in. long at 7-in. centers 

If 12-in. spacing is desired, 

1.90 k/in. x 12 in. /ft . 
lw = 4.64 k/in. x 2 = 2.46 m. 

Use ~-in. weld 2! in. long at 12-in. centers 

Spacing of welds between two concentrated loads 

4.64 k/in. x 1.5 in. x 2 
O / = 22.09 in . 

. 63 kin. 

Use ~-in. weld 11 in. long at 12-in. centers 

Tennination welds 

lw = (9 in. x 1.5 in. x 2) + 9 in. = 36 in. 

Weld capacity 

Fw = 36 x 4.64 k/in. = 167 k 



Moment at cutoff point 

M = 722 ft-k 
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H = MQ = 722 ft-k X 12 in./ft X 290.9 in. 3 

I 15,934 in.4 
158 k < 167 k ok 

PROBLEMS TO BE SOL YED 

9.1. Detennine the effective width b for the interior and edge beams for W 16 
X 40 beams with 5-in. concrete slab. Assume that the beams are spaced 8 ft, 
6 in. on center and span 35 ft. 

9.2. Detennine the transfonned area for the concrete in Problem 9.1 for a) !; 
= 3000 psi, b)!; = 4000 psi, and c)!; = 5000 psi. 

9.3. For the interior composite beam described in Problem 9.1, detennine the 
section properties and stresses if Mo = 60 ft-k and ML = 100 ft-k. Unshored 
construction and n = 9. Check to see if allowable stresses are satisfied. 

9.4. For the composite beam shown, detennine the section properties and 
stresses for the steel and the composite section when Mo = 80 ft-k and ML = 
340 ft-k. Unshored construction, n = 8. Also, check to see if the allowable 
stresses are satisfied. 

t-----------b . 9O'.---------t 

r · 6" 

W24 X 65 

' " X 6" cover It 

9.5. For the composite beam shown in Problem 9.4, detennine the dead load 
and live load deflections if WOL = 400 lb /lin. ft, Wu = 1700 lb llin. ft, and L 
= 40 ft. 

9.6. Detennine the properties and the allowable moment, considering both 
maximum steel and concrete stresses for a composite section made from a W 
18 X 35 beam, 1!-in. X 5-in. cover plate and 5-in. slab. Assume b = 86 in., 
/; = 3000 psi , and n = 9. Shored construction. 
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9.7. Rework Problem 9.6, but for a W 16 x 40 beam and 1 x 5-in. cover 
plate, both of A588 Gr 50 steel. 

9.S. Determine the number of ~-in.-diameter studs required for the composite 
section of Problem 9.4 to develop full composite action. Assume /; = 3000 
psi. 

9.9. Rework Problem 9.8, but for C3 x 4.1 channel shear connectors, each 4 
in. long. Use a minimum number of connectors to develop the moment resis­
tance. 

9.10. Determine the number of ~-in.-diameter stud shear connectors required 
to develop the full composite capacity of the section described in Problem 9.6. 

9.11. Show that a W 24 x 76 beam with a 2 x 7-in. cover plate is satisfactory 
for the given loads. Assume A36 steel, &-in. E70 welds, 5-in. slab,f; = 3500 
psi, n = 9, and bIT = 7 in. Also, calculate the theoretical cutoff point of cover 
plate, connections of the cover plate to the flange, termination welds, and the 
required number of ~-in.-diameter stud shear connectors. Unshored construc­
tion. 

P
L 

= 21° kip P
L 

= 21° kip P
L 

= 21°:: = .5 kip/ft. 

wL =.7 kip/ft. 

~ ± __ T __ T --:"2-T __ T -1---;1 

~I 1 3 I~I 
1-8'-6"+8'-6"+8'-6"+-8'-6"--1-8'-6"--1 
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9.12. Design beam 1. Due to clearance limitations, depth cannot exceed 20 in. 
(including slab). Do no use cover-plated beam. 

9.13. Design girder 2. Due to clearance limitations, depth, including slab, can­
not exceed 36 in. Use 2-in.-thick cover plate. 

9.14. Design girder 3. There are no clearance limitations. 

9.15. Design a composite beam to span 25 ft, with a FSD consisting of 3-in. 
ribs + 3.25-in. lightweight concrete U; = 4000 psi). Dimensions of FSD are 
the same as those given in Example 9.13. Beam spacing = 9 ft, 0 in. Dead 
load = 46 psf. Live load = 110 psf. Use ~-in.-diameter X 4~-in.-Iong headed 
studs, A572 Gr 50 steel, and unshored construction. 



10 
Plastic Design of Steel Beams 

10.1 PLASTIC DESIGN OF STEEL BEAMS 

Plastic design is a method by which structural elements are selected considering 
the system's overall ultimate capacity. For safety, the applied loads are in­
creased by load factors dictated by appropriate codes. This design is based on 
the yield property of the steel. Because not all steels have properties suitable 
for plastic design, only those appropriate are specified in AISCS N2. 

Consider the stress-strain diagram of a steel appropriate for plastic design, 
(Fig. to.l). I It can be seen that until the steel reaches point 1, corresponding 
to a stress Fy , stress and strain are proportional, and the material is linearly 
elastic in the range 0-1. Beyond point 1, the material begins to exhibit some 
yield, so that if the stress is released at a point between 1 and 3, the material 
will experience some permanent deformation. For example, if the stress is re­
leased at point A, the member will undergo a permanent deformation fA- We 
note that between points 2 and 3 the material seems to flow, i.e., to increase 
its strain without any appreciable increase in stress. The stress corresponding 
to point 2 is called the yieLd stress and is indicated by Fy • Point 3 is the begin­
ning of the strain-hardening state, where the material needs additional stress to 
increase its strain. Finally, the material's ultimate capacity is reached at point 
4 with the corresponding stress Fu' 

In working stress (elastic) design, the beam is considered to fail when the 
stress in the steel reaches Fy • In view of the safety factor imposed on the stresses, 
the working stress is approximately one-third below the yield stress. Plastic 
design is based on the behavior of steel in the range 2-3. In Fig. to.lb, the 
stress is idealized, showing one stress range below yield (linearly elastic) and 
one range at yield. In practice, as a result of the introduction of load factors, 

I See the Introduction for stress-strain diagrams drawn to scale. 

420 
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Stress (f" PIA) 

4 
Fu ---------------------------::::;-_-_ 

A 3 

o L-____ ~------------------------o eA Strain (e = Ill//) 

(a) 

Stress 

2 3 

OL---------------------------------o Strain 

(b) 

Fig. 10.1. Stress-strain diagram for mild structural steel: (a) normal diagram; (b) idealized diagram 
for plastic design. 

the stress Fy is very seldom reached in plastic design; only the additional load­
carrying capacity of the structure is considered. 

To clarify the behavior of a beam, consider a rectangular member under flex­
ure. The relationship between stress and moment is given by 

M 
/= -s (10.1) 

where S = bh2/6. When the moment increases, the stress/also increases and 
reaches Fy , the yield stress. We can recover the expression (10.1) by consid­
ering the equilibrium of moments in Fig. 10.2c 

bh 1 2 h bh2 
M =---F =-F 

y 223 Y 6 Y 
(10.2) 
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(a) 

M<My 

(b) 

M=My 

(e) 

M=Mp 

(e) 

Fig. 10.2. Plastic hinge development in a rectangular section. 

From this point on, fibers stressed at F" cannot increase their stress and hence 
begin to yield. If the moment M is increased, fibers closer to the neutral axis 
start to yield, and a stress distribution, illustrated in Fig. lO.2d, occurs. When 
the stress distribution in Fig. lO.2e is reached, the member will have exhausted 
its carrying capacity, and all the fibers will have yielded, i.e., have plastified. 
The moment corresponding to this stage is called the plastic moment and is 
represented by Mp. 

Obtaining the relationship between the plastic moment and the yield stress, 
we have 

h h bh2 

Mp = b - - F" = - Fv 
22' 4· 

(10.3) 

Fig. 10.3. Bank of Villa Park, Villa Park, Illinois. 
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The quantity bh2 /4 is the plastic section modulus and is represented by Z. The 
ratio Mp/My = Z/S is called the shape/actor. This shape factor, which is 1.5 
for a rectangle, varies considerably with the shape of the section. Common 
values for wide flanges range from 1.08 to 1.20. For the case when a cross 
section is not symmetrical with respect to the tension and compression fibers, 
Z should be calculated by using the critical section modulus S. 

The location where there is no stress, and consequently no strain, is the plas­
tic neutral axis. In plastic design, for tension to equal compression, the tension 
area must be equal to the compression area, as both the tensile and compressive 
stresses are equal to Fy • Therefore, the plastic neutral axis must divide the cross 
section into two parts, both having equal areas. In a section that is symmetrical 
with respect to the horizontal axis, the elastic neutral axis (center of gravity) 
and the plastic neutral axis coincide. 

Example 10.1. Calculate the values of S, Z, and the shape factor about the X 
axis for the figure shown. 

2" 
~ 

Solution. By inspection, the neutral axis (NA) is at midheight, 6 in. from the 
bottom. 

( bh3 2) [8 in. (2 in.)3 . . . 2J 
I = E 12 + Ad = 2 X 12 + (2 10. x 8 10.)(5 10.) 

1 in. (8 in.)3 
+ 12 

1= 853 in.4 

I 853 in.4 
S = - = 142.2 in. 3 

c 6 in. 
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The plastic section modulus can be detennined by summing the areas of the 
stress blocks times their distance to the neutral axis. 

Shape factor 

z = r; Ad = 2 x [(2 in. X 8 in.) X 5 in. 

+ (I in. X 4 in.) X 2 in.] = 176 in.3 

z 
S 

176 in. 3 
----:::3 = 1.24 
142.2 in. 

Example 10.2. Calculate the values of S, Z, and the shape factor about the X 
axis for the figure shown. 

x 
Plastic NA,--­

'" 

Solution. The elastic properties are: 

(6 in. X 2 in.) X 1 in. + (1 in. X 8 in.) X 6 in. 
_ + (8 in. X 2 in.) X 11 in. 

y = (6 in. X 2 in.) + (8 in. X 1 in.) + (8 in. X 2 in.) 

= 6.56 in. 

8 in. (2 in.)3 1 in (8 in )3 
1= 12 + 16 in. 2 (11 in. - 6.56 in.)2 + . 12 . 

. 2. . 2 6 in. (2 in.)2 
+ 8 m. (6 m. - 6.56 10.) + 12 

+ 12 in.2 (1 in. - 6.56 in.)2 

= 740.9 in.4 

S = ~ = 740.9 in.4 = 112.9 in. 3 (critical) 
c 6.56 in. 



PLASTIC DESIGN OF STEEL BEAMS 425 

To locate the plastic NA, find the distance X, such that the area above the 
neutral axis is equal to the area below. 

(8 in. X 2 in.) + (1 in. x (X» = (1 in. x (8 in. - X) + (6 in. x 2 in.) 

X = 2 in. 

Z = (8 in. X 2 in.) x 3 in. + (2 in. x 1 in.) 

X 1 in. + (1 in. X 6 in.) 

x 3 in. + (6 in. x 2 in.) x 7 in. = 152 in.3 

Z 152 in. 3 

Shape factor = S = 112.9 in.3 = 1.35 

Examples 10.3 and 10.4. Find the values of S, Z, and the shape factor for the 
shapes shown. 

do = 2ro = 10" 

d; = 2r; = 8" 

Solution. For a solid circular section, the elastic and plastic section moduli are 
found to be 

S = rr3 = rd3 (AISCM, p. 6-20 Properties 
4 32 of Geometric Sections) 

d 3 

Z="6 

S = r(lO in.)3 = 98.2 in.3 
32 

Z = (10 in.)3 = 166.7 in. 3 
6 

Z 166.7 in.3 0 
Shape factor - = . 3 = 1.7 

S 98.210. 
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For a hollow circular section, the elastic and plastic section moduli are found 
to be 

s = 'II"(d! - di) (AISCM, p. 6-20) 
32 do 

Z = d! - di 
6 

s = 'II" X [(10 in.)4 - (8 in.)4] = 5 96 in 3 
32 X 10 in. 7.. 

Z _ (10 in.)3 - (8 in.)3 _ 3' 3 
- 6 - 81. 3 m. 

Z 81.33 in. 3 

Shape factor - = 3 = 1.40 
S 57.96 in. 

Example 10.5. Calculate the S, Z, and shape factor for a W 24 X 104, and 
compare with values given in the AISC tables. 

1--12.75"--\ ---.L 

T ~" 
W24X104 

Tr:z:zz::zdLzzzzo.50
" 

Solution. 

d = 24.06 in.; Iw = 0.50 in. 

hf = 12.75 in.; If = 0.75 in. 

1= + X 
0.5 in. X (24.06 in. - 2(0.75 in.»3 2 (12.75 in. X (0.75 in.)3 

12 12 

. (24.06 in. . )2) . 4 + (0.75 m. X 12.75 in.) X 2 - 0.375 m. = 3077 m. 
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s = ~ = 3077 i~.4 = 255.8 in.3 
c 12.03 In. 

_ 2 (075 . 275 . 24.06 in. - 0.75 in. Z - x (. In xl. In.) X 2 

24.06 in. - 1.5 in. 050 . 24.06 in. - 1.5 in.) _ 2865' 3 + 2 x . In. X 4 -. In. 

The AISCM lists a value of 258 in. 3 for the member section modulus, and 289 
in.3 for the member plastic modulus. 2 

Z 286.5 in. 3 
Shape factor - = 8' 3 = 1.12 (shape factor same by AISC) 

S 255. In. 

10.2 PLASTIC HINGES 

When a flexural member is subjected to loading, so as to cause certain parts of 
the member to acquire its plastic moment, the member will begin to yield at 
those points and transfer any moment caused by further loading, which could 
have been resisted at that location had it not yielded, to other parts of the beam 
still below the plastic moment. Where the moment reaches the plastic moment, 
the steel section yields and the structure, for any additional load, behaves as if 
a hinge were located there. 

Consider a beam with fixed supports uniformly loaded with a load W (Fig. 
lO.4a). If the load W is increased until the plastic moment is reached at the 
supports, plastic hinges will form at A and B. The load corresponding to this 
stage is WI = 12 Mp/L2. If the load is further increased, no more moment will 
be carried at points A and B because they have reached the plastic hinge con­
ditions at Mp. For increased loads, the beam will behave as a simply supported 
beam (Fig. lO.4b). The collapse will occur when the third hinge forms at the 
center of the beam where the moment Mp is attained here. The total load applied 
to the beam is then W = WI + W2' At collapse, the moment M at the center is 

(10.4) 

2The differences are due to the fillets at the web/flange comers. 
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v 
(8) 

L --:s\JM+ =W2~2/8=MP/2 
(b) 

(c) 

Fig. 10.4. Development of plastic hinges in a fixed beam. 

which yields 

(10.5) 

The total capacity of the beam at collapse is 12 Mp / L 2 + 4 Mp / L2 = 16 Mp / L 2 

instead of only 12 Mp / L 2 for the elastic approach. This behavior is due to 
redistribution of moments. 3 (Here safety and load factors have not been consid­
ered.) 

3This fact is recognized by the AISC code in the working stress design approach in FI.I. 
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Example 10.6. Calculate P, considering elastic and plastic design approaches. 
Omit load and safety factors. 

,:
-------L =40'-------~-I 

11----a = 30'W-21 X-68 ----+-'t b .,vi 
8 ~ 

A C 

Solution. Elastic Design Approach 

Fonnulas are from AISCM beam diagram and fonnulas No. 14 

Pab 
Me = 2L2 (a + L) 

a = 30 ft; b = 10 ft; L = 40 ft 

30 x 10 
Me = 2 (40)2 (30 + 40)P = 6.56 P 

M8 = RAa 

Pb2 

RA = 2L3 (a + 2L) = 0.086 P 

M8 = 0.086 P x 30 = 2.58 P 

Fy = 36.0 ksi 

S = 140 in. 3 

36.0 ksi x 140 in. 3 

Mmax = 6.56 P = 12 in.jft = 420 ft-k 

P = 64.0 k 

165.1 ft-kip 

~----. 

""'J 420.0 ft·k;, 

Elastic moment diagram 
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Plastic Design Approach 

Mp 
Fy = z; Mp = ZFy 

Fy = 36 ksi 

Z = 160 in. 3 

M = 160 in. 3 X 36 ksi = 480 ft-k 
p 12 in. 1ft 

The load PI is the load that will cause a plastic hinge at C. 

Mp = 6.56 PI 

480 
P = - = 73.17 k 

I 6.56 

To plastify B (i.e., to obtain the third hinge, the second being already at A), 
we need an additional moment at B of 

M = 480 - (2.58 x 73.17) = 291.22 ft-k 

This moment will be obtained by an additional load P2 acting on a simply sup­
ported beam. As A is a normal hinge and C a plastic one, 

10 x 30 
P2 X 40 = 291.22 

P2 = 38.83 k 

P = PI + P2 = 73.17 k + 38.83 k = 112.0 k 

480 ft-kip 

188.78 ft-kip 

" " " 

Plastic moment diagram 

480 ft-kip 
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10.3 BEAM ANALYSIS BY VIRTUAL WORK 

In mechanics, energy is defined as the capacity to do work. Work is the product 
of a force and the distance traveled by the force in its own direction or the 
product of a moment and the angle of its rotation. From conservation of energy, 
internal work V j is equal to the external work Vo' By introducing a small fic­
titious (virtual) displacement in a structure, and thereby causing the forces and 
moments to do work, the plastic moment in the structure may be determined. 

In plastic design, because hinges form at the locations of plastic moments, 
the internal virtual work is the sum of the products of the rotations of the mem­
ber at the hinge locations and the plastic moment of the member. 

External virtual work of a flexural member is the summation of the externally 
applied loads and the respective deformations of the member at the locations of 
the loads. 

In the process of analysis by virtual work for a one-span beam, hinges occur 
at the supports and under the concentrated load. In case of more than one con­
centrated load, the location of the hinge in the span cannot be readily deter­
mined. 

The location of the hinge in the span is assumed, the plastic moment Mp is 
calculated, and the corresponding moment diagram is shown. If at no point 
there is a moment larger in absolute value than Mp ' then the assumption is 
correct, and Mp is the plastic moment. If at some point the moment is larger 
than Mp ' then the hinge is erroneously located and has to be moved to that point. 
It can be proved that the plastic moment corresponding to the proper hinge 
location is the maximum Mp. 

Example 10.7. Calculate the plastic moment Mp for the beam shown using a) 
the method of virtual work and b) the method of superposition. 

I 
50' 

40 kip I 
40' t, '0'1 

8 
A C 

Solution. a) We assume that plastic hinges form at points A, B, and C. 

Consider a virtual displacement given to the system, so that AB rotates by 8. 
The virtual displacement at B becomes 408ft, and the rotation at C, 40 8/10 
= 48. 
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~ 408 

58 

The angle at B is the sum of the angles at A and C, which equals 5 O. 

The virtual work of the external force is 400ft x 40 k = 1600 0 ft-k 

The virtual work of the internal effects is 

(Mp x 0) + (Mp x 5 0) + (Mp x 4 0) = 10 0 Mp 

Internal work is equal to the external work 

10 Mp 0 = 1600 0 (ft-k) 

Mp = 160 ft-k 

160 ft-kip 

~ 

b) A quick way to determine the plastic moment of a beam section involves 
the superposition of moment diagrams due to hinged supports and fixed sup­
ports. The three necessary plastic hinges are formed at the two ends and the 
point of maximum positive bending. Using these concepts, the plastic mo­
ment can be expressed as the moment diagram of a statically determinate 
span superimposed on the moment diagram due to given end conditions. 

In this case, assume simple supports (hinges) at points A and C, so that the 
moment at point B is 

_ Pab _ 40 x 40 x 10 _ 320 ft ki 
MB - - - - ps 

L 50 

Considering fixed supports, the moment at B will be Mp. Consequently, super­
imposing the statically determinate moment diagram on the moment diagram 
due to the actual end conditions, and knowing that the final moment must be 
equal to Mp ' we can write the following equation for the moments at B: 
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or 

Mp = 160 ft-k 

40.----p-=~~-. k_iP_lO'~ 

3201Mp :z:s 1 T ~ '\] _32°-L---riP 

Example 10.8. Calculate the plastic moment for the uniformly loaded beam 
shown, using a) the principle of virtual work. b) the method of superposition. 

AIIIIIIIIIIII Illllllllllllc 
I, LI2 ·1· LI2------J 

Solution. a) Hinges will form at A, B, and C (by inspection). 

Virtual work of internal effects: 

(Mp X 8) + (Mp X 2 8) + (Mp X 8) = 4 Mp 8 

A~C 8 8 

28 
L 8 

8-
2 

Virtual work of external forces: 

We can consider that the virtual work in member AB is equal to the load in that 
member times the displacement of its center. Hence, it is equal to 

wL 8L 1 
- X - X - X 2 sections 
2 2 2 
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b) 

wL2 8 
4M 8 =--

p 4 

WL2 

Mp = 16 

I L I 
II I I I I II (I I I I I I I I 

WL2 
--M =M 8 p p 

wL2 
M =-

p 16 

Example 10.S. Calculate the plastic moment for the uniformly loaded beam 
shown, using a) the principle of virtual work. b) the method of superposition. 

20 kip 20 kip 80 kip 

1=10' t 10' t 10' t' 
8 C D 

A 

10'=1 

E 

Solution. a) Assume plastic hinges at A, C, and E . 

. ~. 206 

20 

Mp x 4 8 = (20 x 10 8) + (20 x 20 8) + (80 x 10 8) 

M = (200 + 400 + 800)8 = 350 ft-kip 
p 48 

20 k x 30 ft 20 k x 20 ft 80 k x 10 ft 
RA = 40 ft + 40 ft + 40 ft = 45 k 
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RB == 120 k - 45 k = 75 k 

MA == -350 ft-k 

MB == -350 ft-k + (45 k x 10 ft) = 100 ft-k 

Me = - 350 ft-k + (45 k X 20 ft) - (20 k X 10 ft) = 350 ft-k 

MD = (75 k X 10 ft) - 350 ft-k = 400 ft-k > Mp = 350 ft-k 

350 ft-kip 400 ft-kip 

350 ft-kip 350 ft-kip 

We see that the hinge selection is wrong and that the hinge located at C must 
be moved to D because MD > Mp. 

Selecting the new location for hinges A, D, E, 

~ 208 306 

46 

325 ft-kip 

375 ft-kip 375 ft-kip 

8 Mp 8 = (20 X 10 8) + (20 X 20 8) + (80 X 30 8) 

M = (200 + 400 + 2400)8 = 375 ft-k 
p 88 

Recalculating, 

RA = 45 k RB = 75 k 
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MA = -375 ft-k 

MB = -375 ft-k + (45 k x 10 ft) = 75 ft-k 

Me = -375 ft-k + (45 k X 20 ft) - (20 k X 10 ft) = 325 ft-k 

MD = (75 k X 10 ft) - 375 ft-k = 375 ft-k 

We see then that the location selection is correct, for no other moment is larger 
than Mp-

20 kip 

t 
m.------4@ 10' = 4O'------.f; 

750 

750-Mp + ~~-'--------T----. 
Mp 

+ 
450-M 

p 

Mp = 750 - Mp 

Mp = 375 ft-k 

Example 10.10. Find the plastic moment for the given situation using a) virtual 
work and b) superposition. 

IIIIII i III Ii 
I- L -I 

Solution. a) Since the hinge location is not known, the location must be found 
by the method of sections and assuming the location of zero shear and maximum 
moment equal to Mp. 
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wlL -xr=~ -1. 
I IOC::::::::::::: wx 
: I It 
I I I 

!--L-X I' X-j 

Mpr!--~ 
MpLV 

From the right section, 

wIL-x) 

Mp + (wx) (~) - (wx)(x) = 0 

WX 2 

Mp=""2 

From the left section, 

( L - x) - 2 Mp + w(L - x)(L - x) - w(L - x) -2 - = 0 

Equating the two equations, 

wx2 WL2 wLx wx2 
-=---+-

2 4 2 4 

wx2 + (2 wLx) - wL 2 = 0 

x = 0.414 L 

L - x = 0.586 L 

wx2 w(0.414 L)2 wL2 
Mp = ""2 = 2 = 11.66 

WL2 
M =--

p 11.66 

wx 



438 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

b) w 

I I I I I I I I! I I IIi 

I 

-\-~ I 2 W8~+e 
't~"¥-tT I 

wLx WX 2 X 
----M-=M 

2 2 PIP 

1 x 2 
w-x - w-

2 2 
Mp=----­

X 
+-

1 

wi Lx - x 2 

2 1 + X 

X must be such that Mp is maximum. To maximize Mp' dMp/ dx must be equal 
to zero 

(l - 2 x) (l + x) - (Lx - x 2 ) = 0 

12 - 2 Lx + Lx - 2X2 - Lx + x 2 = 0 

x 2 + 2 Lx - 12 = 0, X = -I ± ..fi2+i2 
x = 0.4141 

w120.414 - 0.171 12 wl2 
M = - = 0.0858 w =--

p 2 1.414 11.67 

10.4 PLASTIC DESIGN OF BEAMS 

Plastic analysis enables the designer to calculate the maximum load that the 
structure can support just before it collapses; thus, the working loads must be 
multiplied by load factors to compensate for uncertainties in the loading and to 
provide the structure safety against collapse. The AISC calls for a load factor 
of 1.70, for dead and live loads only, or a load factor of 1.30, for dead, live, 
and wind or earthquake loads combined (AISCS Nl). It may be noted that the 
load factor 1.70 is approximately equal to the average shape factor 1.12 (for 
sections having a compression and tension flange) times the safety factor of 
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1.50 for a simply supported beam, and the load factor 1.30 is approximately 
equal to the load factor 1.70 reduced by 25 %, which is equivalent to the 25 % 
reduction in moment allowed in elastic design when wind or earthquake forces 
are taken into account. 

To determine the required plastic moment capacity of any span of a structure 
by the method of virtual work: 

1. Multiply loads by the appropriate load factors. 
2. Assume the locations of the plastic hinges. 
3. Introducing a virtual displacement in the structure, determine the rotations 

of the member at all plastic hinge locations and the displacements under 
all applied concentrated loads or at the interior hinge location for distrib­
uted loads. 

4. Equating the internal virtual work to the external, calculate the required 
plastic moment. 

5. Determine proper locations of hinges, and determine Mp. 
6. Once the largest required plastic moment is obtained, determine Z re­

quired and select a satisfactory member from the AISCM (p. 2-15). 

Note that steps 3 and 4 can be replaced by the method of superposition. 
Up to now, only single-span beams were designed. The failure of a contin­

uous beam is essentially the failure of one of its spans. Hence, in the case of a 
continuous beam, each of the spans is analyzed individually, and the largest 
moment Mp obtained becomes the design moment of the entire beam. 

Example 10.11. Select the lightest beams according to elastic and plastic the­
ories. Assume full lateral support and that the loads include the weight of the 
beam. Consider also all appropriate safety and load factors. 

p= 32 kip 

I j I 
I a = 30' i-b = 15'-1 

A B c 

Solution. Elastic Approach 

MA 
Pab2 

=--= 
L2 -106.7 ft-k 
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2 Pa 2 b2 

MB = L3 = 142.2 ft-k 

Pa 2 b 
Me = U = -213.3 ft-k 

The moments can be redistributed in accordance with AISCS F1.1: 

MA = 0.9 x -106.7 ft-k = -96.0 ft-k 

Me = 0.9 x -213.3 ft-k = -192.0 ft-k 

( 10.7 + 21.3) MB = 142.2 ft-k + 2 ft-k = 158.2 ft-k 

Sreq = Mmax = 192.0 ft-k X 12 in/ft = 97.0 in.3 
Fb 0.66 X 36.0 ks) 

Use W 18 X 55 Sx = 98.3 in. 3 

Plastic Approach 

Factored load = 1.7 P = 1.7 x 32.0 k = 54.4 k 

Assume plastic hinges at A, B, and C 

6~Mp~54.4kX30~ .~ 

M = 1632 4> = 272 ft-k ~ 2~ 
p 64> ~ 

272 ft-k x 12 in./ft . 3 
Z = Mp/Fy = 36.0 ksi = 90.7 ID. 

The section must be chosen from the plastic design selection table (p. 2-22). 

The procedure used to detennine the most economical beam section is similar 
to the one used for the elastic analysis, as described in Chapter 2. 

Use W 21 x 44 Zx = 95.4 in.3 

Example 10.12. Select the lightest beams according to elastic and plastic the­
ories. Assume full lateral support and that the loads include the weight of the 
beam. 
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30 kip 

~ 
I 
I I---a= 15' b = 15' --I--c = 15'--1 

A 8 c D 

Solution. Elastic Approach 

30 kip 50 kip 

366.7 ft-kip l (t 
l 433.3 ft-kip 

1========================::Jt) 
35.2 kip 44.8 kip 

161 3 ft k· 239.3 ft-kip 
. ~-.:.::I::..P __ - ~ 

<'C ~ 

366.7 ft-kiPV ~433.3 ft-kip 

Redistributing moments in accordance with AISCS F 1.1: 

M ... = 0.9 x -366.7 ft-k = 330.0 ft-k 

MD = 0.9 x -433.3 ft-k = 390.0 ft-k 

Me = 239.3 ft-k + (36.7 ; 43.3) = 279.3 ft-k 

S = Mrnax = 390.0 ft-k x 12 in. 1ft = 195 o· 3 

n:q Fb 0.66 x 36.0 ksi . m. 

Use W 24 x 84 S;r = 196.0 in. 3 

Plastic Approach 

Factored loads: 

1.7 x 30.0 k = 51.0 k 

1.7 x 50.0 k = 85.0 k 

Assume hinges at A, B, and D 

6 t/> Mp = (51.0 k x 30 t/» + (85.0 k x 15 t/» 

Mp = 467.5 ft-k 
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Assume hinges at A, C, and D 

6 q, Mp = (5l.0 k x 15 q,) + (85.0 k x 30 q,) ~ 
I/> 21/> 

Mp = 552.5 ft-k (governs) 3<t> 

_ I - 552.5 ft-k x 12 in. 1ft _ 84 o· 3 
Z - Mp Fy - 3 . - 1 . tn. 

6.0 kSI 

Use W 24 x 76 Z = 200 in. 3 

Example 10.13. Select beams according to elastic and plastic theories. Assume 
full lateral support and that the loads include the weight of the beam. 

30 kip 20 kip 15 kip 

~ l l l I 
r-S'-+-S'+S'-+-S'-1 
A 8 c D E 

Solution. Elastic Approach 

30 kip 20 kip 15 kip 
237.5 ft-kip l l + 192.5 ft-kip 

(fF==================:::::::=::::::===lt) 
37_7 kip 

64.1 ft-kip 125_7 ft-kip 

~3ft-kiP 

MA = 0.9 x -237.5 ft-k = -213.8 ft-k 

ME = 0.9 x -192.5 ft-k = -173.3 ft-k 

27_3 kip 

( 23.7 + 19.2) 
Me = 125.7 ft-k + 2 ft-k = 147.2 ft-k 

S = Mmax = 213.8 ft-k X 12 in. 1ft = 106 9· 3 

req Fb 0.66 X 36.0 ksi . tn. 

Use W 24 X 55 Sx = 114 in. 3 
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1.7 P = 1.7 X 30 k = 51 k 

1.7 X 20 k = 34 k 

1.7 X 15 k = 25.5 k 

Assume hinges at A, B, and E: 

g~M ~(51kx24~) ~. p 3~ 

+ (34k X 16cf» + (25.5 X 8~ 
4~ 

Mp = 246.5 ft-k 

Assume hinges at A, C, and E: 

4 cf> Mp = (51 k X 8 cf» 

+ (34 k X 16 cf» 

+ (25.5 X 8 cf» 

Mp = 289 ft-k 

Assume hinges at A, D, and E: 

8 cf> Mp = (51 X 8 cf» + (34 X 16 cf» 

+ (25.5 X 24 cf» 

Mp = 195.5 ft-k 

Hinges at A, C, and E govern 

Mp = 289 ft-k 

Z = Mp/Fy = 289 ft-k X 12 in./ft 36 ksi = 96.3 in.3 

UseW21x50 Z=llOin.3 
or W 18 X 50 (Z = 101.0 in.3) which has same weight but less depth. 

Example 10.14. For the situation shown, design the lightest beam, using the 
plastic approach. 



444 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

Solution. 
25 kip 15 kip 

Factored loads: 

~A !! ~D 
~8'~_8'-+-I' -16'~ 1.7 P = 25 x 1.7 = 42.5 k 

1.7 x 15 = 25.5 k 

Assume plastic hinges at A and B, with an actual hinge at D. 

3~Mp+4~Mp=(42.5 x24~) ~24<1> 16<1> 
3<1> <I> 

+ (25.5 k x 16~) 

Mp = 204 ft-k 4<1> 

Assume plastic hinges at A and C, with an actual hinge at D. 

1 ~Mp +2~Mp = (42.5k x 8~) ~a.p 16<1> 

+ (25.5 k x 16~) <I> <I> 

Mp = 249 ft-k (governs) 2<1> 

Z = Mp/Fy = (249 ft-k x 12 in./ft)/36 ksi = 83 in. 3 

Use W 21 x 44 Z = 95.4 in. 3 

Example 10.15. Select, by plastic design, a continuous rolled section that is 
satisfactory for the entire structure. 

Solution. 

40 kip 35 kip 40 kip 
I 2 kip/ft I I I ! ill ~llli: /A! /]) 

!-15'-!- 15' I· 40' I· 15'-~25'-+15'+15'-l 

Since plastic hinges will form at the supports where negative moment is great­
est, each span will be analyzed separately and the critical moment determined. 

Span A 4 ~ Mp = 40 k (1.7) 15 ~ 

Mp = 255 ft-k 
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Span B M = w(L)2/16 = 2 (1.7) (40i 
p 16 

Mp = 340 ft-k (governs) 

Span C (80/15) I/> Mp = 35 k (1.7) 25 I/> 

Mp = 279 ft-k 

Span D 31/>Mp =40k(1.7) 151/> ~15t/> 

Mp = 340 ft-k (governs) ~ 
2t/> 

Z = 340 ft-k x 12 in. /ft/36 ksi = 113 in.3 "'-...-J. 

Use W 24 x 55 Z = 134 in.3 

Example 10.16. Select, by plastic design, a continuous rolled section that is 
satisfactory for the entire structure. 

Solution. 

3.5 kip/ft 2 . / 
2.5 kip/ft .5 kip ft I llll ~ 1122!!! ~ !I:!it III I} III 

1--35' -I' 40' I' 45'--1 

Span A Mp = w(L)2/11.66 = 2.5 i\~~(35)2 

Mp = 446.5 ft-k 

SpanB 
W(L)2 3.5 (1.7) (40i 

Mp = 16 = 16 

Mp = 595.0 ft-k (governs) 

Span C 
W(L)2 2.5 (1.7) (45)2 

Mp = 16 = 16 

Mp = 537.9 ft-k 

Maximum Mp = 595 ft-k 

Z = 595 ft-k x 12 in./ft/36 ksi = 198 in.3 

Use W 24 x 76 Z = 200 in.3 
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10.5 ADDITIONAL CONSIDERATIONS 

Shear 

The AISC Code requires, in Section N5, that the ultimate shear be governed 
by (N5-1): 

(10.6) 

unless the web is reinforced. Nevertheless, the design of additional reinforce­
ment for shear is quite involved, and it is suggested that the design of rolled 
sections meet the requirements of eqn. (10.6). 

Minimum Thickness Ratio 

Similar to the requirements for width-thickness ratios in AISCS B5, some rules 
have been established in Section N7 for beams. For most commonly used A36 
steel, the following must be satisfied: 

(l0.7) 

Also, the depth-thickness ratio of beam webs shall not exceed the value in 
(N7-1), shown below for the case when the factored axial load P is zero: 

d 412 
- = JF; (lO.S) 

Connections 

In AISCM, Section NS, some rules for connections are established. The most 
important rule is that the connection elements shall resist the factored loads with 
a capacity equal to 1.7 times their respective stresses, given in AISCS 
Chapter J. 

10.6 COVER PLATE DESIGN 

It is generally uneconomical to use the same rolled section for all spans in a 
continuous multi span structure; the rolled section must be satisfactory for the 
span with the largest plastic moment, and, therefore, it will quite possibly be 
overdesigned for some if not all of the other spans. Usually in such cases, the 
rolled section is selected to satisfy the moment requirement of the span with the 
least moment, and cover plates are used at all other locations. Initially, the shear 
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and moment diagrams of the structure are drawn, and the lengths and locations 
of the cover plates are determined for all portions of the beam exceeding in 
plastic moment requirement from that provided by the rolled section. Assuming 
a width b for the cover plate, the thickness t is then calculated. 

A cost analysis has to be performed to determine if a single rolled section 
covering all spans is cheaper than the lighter section with cover plates (including 
the cost of welds). 

Example 10.17. Using the plastic design method, 

a) Design a single rolled section satisfactory for the entire structure. 
b) Select a section for the span with the least moment, and design cover 

plates as necessary for the other spans. 

Assume full lateral bracing. 

2 kip/ft 

fi~} I I I I I if I I I I I if I I I I I ~ 
A 

1---32' 

8 C D 
1 32'---tI--32'----1 

Solution. The plastic moments of span AB and CD are equal. 

M _ M _ WL2 _ (2 X 1.7) (32)2 
( p)AB - ( p)CD - 11.66 - 11.66 

(Mp)AB = (Mp)CD = 298.6 ft-k 

wL2 (2 X 1.7) (32i 
(Mp)BC = -6 = 

16 

a) Governing (Mp)AB&CD = 298.6 ft-k 

_ I - 298.6 ft-k x 12 in. 1ft _ 995' 3 Z - Mp Fy - - . m. 
36.0 ksi 
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Use W 18 x 50 Zx = 101 in. 3 

b) Least (Mp)BC = 217.6 ft-k 

_ I - 217.6lx 12 in. 1ft _ . 3 
Z - Mp Fy - - 72.53 In. 

36.0 ksi 

Use W 16 x 40 Zx = 72.9 in.3 

Section will carry plastic moment of span BC only. Cover plates need to be 
designed for plastic moments in other spans. 

The plastic moment capacity of a W 16 x 40 beam is 

72.9 in. 3 x 36 ksi = 2187 ft-k 
12 in. 1ft . 

If W 16 x 40 is used for the entire structure, a plastic hinge of 218.7 ft-k 
moment will form at B, C, and at the midspan Be. 

Summing moments about point A, the free body diagram of span AB becomes 

(2 X 1.7) kip/ft 

M = (32 x 2 X 1.7 X 3;) + 219 - (RB X 32) = 0 

RB = 61.24 k 

RA = 47.56 k 

M = (47.56)2 = 332.6 ft-k 
AB 2x2x1.7 

MCD = MAB = 332.6 ft-k 
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Moment and shear diagrams for the entire structure are 

47.56 kip 54.40 kip 61.24 kip 

G18.01'~ ~ 
13.99' ~ "'(j""'J 

54.40 kip 47.56 kip 
61.24 kip 

332.6 ft·kip 217.6 ft.kip 332.6 ft·kip 

218.7 ft·kip -rf\-7r\-LD-
YV 

218. 7 ft·kip 218.7 ft·kip 

Cover plates must compensate for the deficient moment capacity of the W 16 
x 40, as shown by the crosshatched area. 

Since the change in moment equals the area under the shear diagram, Rand S 
are found by letting R = S, 

1 
R x (13~99 x 47.56) 

R = S = 8.19 ft 

x - = 113.9 ft-k 
2 

Q = 13.99 - 8.19 = 5.80 ft 

T = 18.01 - 8.19 = 9.82 ft 

fo~~~a:....------

, , 
r 
r , 

r r , 

~Q+-R + S --+- T--1 
:: l r I 
I I I I I 

113.9 ft-kip 

/ 
218.7 ft-kip 

t 
218.7 ft-kip 

t 

'---f---+----r-----j t 
r , r 47.56 kip 

: ! :--t-
61.24 kip 

i 

332.6 ft-kip 

I 
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Theoretical length of cover plates 

8.19 ft x 2 = 16.38 ft 

To design cover-plates for the beam, assume the width of the cover plate to be 
4 in. to leave space along the sides for welding. 

d = 16.01 in.; hf = 6.995 in. 

Summing area moments about the neutral axis for the cover plates and equating 
them to the required moment capacity of the cover plates, we get 

2x --+- x4x(=----( 16.01 t) 113.9 x 12 
2 2 36 

t/2 

..-----,~ 

p 1 
L_ 16.01 in. (2 + 16.01 t - 9.49 = 0 

t = 0.572 in. Use ~ in. X 4 in. cover plates 

Connection of cover plates to flanges (AISCS N8) 

Shear force at the theoretical end 

8.19 ft x 2 k/ft x 1.7 = 27.85 k 

Shear flow 

5 . 
x 4 x 8 = 20.79 1ll. 3 

L.....r-----T1 
L--_--' -----r 

t/2 

I = 518 + 2 x -- + - x - x 4 x - = 863.9 in.4 ( 16.01 1 5)2 5 
2 2 8 8 

q = 27.85 k x 20.79 in. 3 = 0.67 k/in. 
863.9 in.4 

Minimum size of E70 weld that can be used is ~ in. (AISCS 12.2b) 
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Capacity of weld (AISC, Table 12.5) 

0.30 X nominal tensile strength on throat = 

J2 
1.7 X 0.30 X 70 X"2 = 25.24 k/in. 2 

For !-in. weld, two-sided, 

Fw = 2 X 0.25 X 25.24 = 12.62 k/in. 

If intermittent fillet weld is to be used, 

[min = 1.5 in. corresponds to 1.5 X 12.62 = 18.93 k/weld 

Spacing between welds 

s - 18.93 k/weld - 28 . 
- 0.67 k/in. - .3 In. 

Use at 12 in. on center. 

Termination of welds (AISCS BlO) 

Force to be developed is MQ/ I 

218.7 X 12 X 20.79 = 63.16 k 
863.9 

Length of termination weld is 8 in. 

Fw X [ = 12.62 k/in. X 8 in. = 101 k > 63.16 k ok 

width/thickness ratio = 6.995 = 6.93 < 8.5 ok (AISCS N7) 
2 X 0.505 

. . 16.01 412 S N 
depth/thickness ratio = -- = 52.49 < Ir:" = 68.67 ok (AISC 7) 

0.305 vFy 

Example 10.lS. Using the plastic design method, 

a) Design a single rolled section satisfactory for the entire structure. 
b) Select a section for the span with the least moment, and design cover 

plates as necessary for the other spans. 
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45 kip 
1.2 kip/ft I 

llllll~ t illlll!! 

1--4o.----r-25.~-30·~.°-l-i.--40.__f 

1.2 kip/ft 

Solution. The plastic moments of span AB and DE are equal. 

For Mp of span BD, 

4.4 cJ> Mp = 45 k x 1.7 x 30 cJ> 

Mp = 521.6 ft-k for span BD ~ 
.~ 

2.2</> 

a) governing (Mp)BO = 521.6 ft-k 

Z - IF - 521.6ft-k x 12 in·/ft _ 39' 3 
- Mp y - 36.0 ksi - 17. m. 

Use W 24 x 68 (Z = 177 in. 3) 

b) least (Mp)AB&OE = 279.9 ft-k 

_ I - 279.9 ft-k x 12 in. 1ft _ . 3 
Z - Mp Fy - 36.0 ksi - 93.3 m. 

Use W 21 x 44 

Mp of W 21 x 44 beams is 286 ft-k (Z = 95.4 in. 3) 

The free body diagram of span BD gives 

EMo = -45 x 1.7 x 30 + 55 RB = 0 45 kip X 1.7 

RB = 41.7 k 

Ro = 34.8 k 
286 fHip ( ~B===C====~ ) 286 ft·kip 

f.-25'--!-30' 
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Moment and shear diagrams for the entire structure are 

48.0 kip 
33.7 kip 41.7 kip 

~~ Lr 
48.0 kip 

34.8 kip 33.7 kip 

757 ft·kip 

286 ft·kip 286 ft-kip 

Cover plates must compensate for the deficient moment capacity of the W 21 
X 44, as shown by the crosshatched area. 

757 ft-kip 

286 ft-kip - --

I: : I 
286 ft-kip " , 

~RiS 
I I I r 
I I I I 
I I I I 
I I I I 
I I I 
I I 
I I 
I I 

I 
I 
I 
I 
I 
I 
I 
I I 

30' I 

41. 7kiP l 
~-------+----~ 

25' 

286 ft-kip 

'--__ -' 34.8 kip 

Since the change in moment equals the area under the shear diagram. 

Q X 41.7 = 286 ft-k 

Q = 6.85 ft 

R = 25 - 2(6.85 ft) = 11.28 ft 

T = 286/34.8 = 8.22 ft 

S = 30 ft - 2(8.22 ft) = 13.56 ft 



454 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

Theoretical length of cover plate 

R + S = 11.28 + 13.56 = 24.84 ft 

To design cover plates for the beam, assume the width of the cover plate to be 
4 in. to leave space along the sides for welding. 

d = 20.66 in., hj = 6.50 in. 

2 x CO~66 + ~) x (4 t) X Fy = Mreq x 12 in./ft 

(20.66 + t) x (4 t) x 36 = (757 - 286) X 12 

t 2 + 20.66 t - 39.25 = 0 

t = 1.75 in. 

Checking the section, 

3 . (20.66 1.75) . 3 Z = 95.4 in. + 4 in. X 1.75 In. X 2 x -2- + -2- = 252.3 In. 

36 ksi X 252.3 in. 3 5 ft k 
M = F X Z = = 7 7 - ok 

P y 12 in./ft 

Connection of plate to flange 

Shear force 

Vmax = 41.7 k 

( 20.66 1.75)2 [ = 843 + 4 X 1.75 x -2- + -2- x 2 = 2601 in.4 

( 20.66 1.75) 3 Q = 4 x 1.75 x -2- + -2- = 78.44 in. 

VQ 41.7kx78.44in. 3 / 
q = -[ = = 1.26 kin. 

2601 in.4 

Design weld using fr.-in. E70 weld. 
Capacity of weld 

J2 5 
Fw = 1.7 x 0.30 x 70 ksi x 2 x 16 in. = 7.89 k/in. 
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Capacity of weld for two sides = 2 x 7.89 k/in. = 15.78 k/in. 

Use intennittent fillet welds spaced at 12 in. on center. 

q = 1.26 k/in. x 12 in.jft = 15.12 k/ft 

I = 15.12 k/ft == 1 in. weld per foot of plate 
req 15.78 k/in. 

Use minimum weld length of 11 in. 

Tennination of welds 

M = 286 ft-k 

MQ 286 ft-k x 12 in. /ft x 78.44 in. 3 

H = - = 260 . 4 = 103.5 k I 1 In. 

Try length of 8 in. 

8 in. x 15.78 = 126.2 k > 103.5 k ok 

Check width/thickness and depth/thickness ratios (AISCS N7). 

6.50 in. ---- = 7.22 < 8.5 ok 
2 x 0.45 in. 

20.66.in. = 59.0 < 412 = 68.67 ok 
0.35 1D. -Ii; 

PROBLEMS TO BE SOLVED 

10.1 through 10.5. Calculate the values S, Z, and shape factor for the follow­
ing shapes with respect to a centroidal horizontal axis. 

r-12"-l 

10 
T~24=r=:j 

~~------~-
10.1 1--12"-1 

10.2 
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L13" rS"13"r-
3" 3" 

T 
I 

T 
ll--L---l--\ 
3" 

t 
10.4 

10.3 

I· 10"---l 

I 1-~-1" 

12" 

~~I~' 
1-------14"------1., 

10.5 

10.6 and 10.7. Draw the elastic and plastic moment diagrams for the following 
beams loaded as shown. Ignore load factors. 

10 kip 

+ 
10.6 J;; I ~ 

I-8'-0"1- 1S'-0"--1 

(a) 

3 kip/ft 

P 111111111;J1 
10.7 M 

I· 25'-0" ,I 
(a) 

10kip 

~ l ~ 
~ 8'-0"~16'-0" ~ 

(b) 

I 3k;p/ft I I I I I I I I I I I I 

~25'-0" ., 

(b) 
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10.8. Calculate the plastic moment Mp for a beam loaded as shown, assuming 
(a) simple supports at both ends, (b) the left support hinged and the other fixed, 
and (c) both ends fixed. 

8 kip 10 kip 12 kip 

l l ! 
I I 
~ 10'-0" -+- 10'-0" -+-10'-0" -+ 1 o'-o .. -l 

10.9. Calculate the plastic moment for the beam shown. 

12 kip 15 kip 

~ ! ! /1 I-- 7'-0"~~ 7'-0 .. +-14'-0 .. ----j 

10.10. Calculate the plastic moment for the beam shown, using the principles 
of virtual work. 

20 kip 20 kip 

~ t t 5 kip/ft ~ 
~IIIIII 111111 Illlll~ 
!--12'-0"-!--12'-0"-!--12'-0"--I 

10.11 and 10.12. For the loadings shown, select the lightest beams according 
to elastic and plastic theories. Assume full lateral support, and neglect the weight 
of the beam. 

10.11 

10 kip 15 kip 

10.12 ~ ! ! 
~ !-5'-0"+--10'-0" 

." 
15'-0" 
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10.13 through 10.15. Select a continuous wide-flange section, using plastic 
design that is satisfactory for the entire structure. 

15 kip 10 kip 10 kip 5 kip 5 kip 5 kip 

! !! !!! 

10.13 

\-S'-0"+S'-0"+S'-0"tS'-0"+--12'-0" 

2 ""ft I :1i]IIIIIIIIIIII 

'1 20'-0" ·1 

10.14 I 7 kip/ft 

I1111 ill II i Tr 1111 ! ! I I In!" I ! I~ 
1--10'-0" ·1 15'-0" 1 20'-0" ·1 

10.15 

10.16 and 10.17. For the loadings shown detennine: 
a) A single rolled section satisfactory for this beam using elastic analysis 

and moment redistribution. 
b) A single rolled section satisfactory for this beam using plastic analysis, 

and 
c) A section for the span with the least moment, and design cover plates as 

necessary . 

30 kip 30 kip 30 kip 

10.16. ~! ! 
j;); 1 1 ;g; 1 lh. 

f---- 20' -0" +20'-0" + 20'-0" +-20'-0" +20' -O"--l 

2 kip/ft 

10.17. Ji!!!! I!!!! lll1!a1 1111111~ 

1 so' -0" ·1 40' -0" ----1 



Appendix A 
Repeated Loadings (Fatigue) 

It has been shown experimentally that the failure stress of a steel member sub­
jected to repeated loading and unloading depends on the number of load appli­
cations and the magnitude of the stress range (i.e., the algebraic difference be­
tween the maximum and minimum stresses). When the number of loading cycles 
anticipated over the lifetime of the member is below 20,000, the failure stress 
will have the same magnitude as the one obtained for the same member loaded 
statically. However, it has also been shown that when the number of cycles is 
over 20,000 and/or the difference between the maximum and minimum stresses 
is large, failure stress dramatically decreases. Furthermore, the configuration 
of the loaded member, as well as the type of connection (riveted, high-strength 
bolted, or welded), has a very strong influence on the magnitude of the failure 
load. When a member fails due to the application of repeated loading, this is 
commonly referred to as fatigue failure. 

The provisions for fatigue design are given in AISCS Appendix K. The num­
ber of loading cycles expected to occur over the life of the member is divided 
into categories 1 through 4, as shown in Table A-K4.1. As noted above, fatigue 
need not be considered if the number of cycles is less than 20,000. In Table 
A-K4.2, various stress categories are established. Depending on the type of 
member, connections, and stress applications, a stress category ranging from 
A to F is assigned. Note that in all cases, the types of stress ranges included 
are tension, tension and compression, and shear. In no case is there a stress 
range completely in compression. Experiments have revealed that stress ranges 
that do not involve tensile or shear stresses cannot propagate cracks in the steel 
that would lead to eventual fracture (AISCS Commentary K4). I Figure A-K4.1 
illustrates the different stress categories. 

'When subjected to repeated cycles of tensile or shear stresses. fatigue cracks will eventually fonn 
in the microstructure of the steel. As the number of stress cycles increases, these cracks propagate 
and coalesce, which ultimately results in the overall fracture of the material. 
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Once a loading condition and a stress category are established, the allowable 
stress range (which includes a factor of safety) can be detennined from Table 
A-K4.3. As can be seen from the table, the allowable stress range can be quite 
small. When designing the member, the maximum stress should not exceed the 
applicable basic allowable stress provided in AISCS Chapters D through K, and 
the maximum stress range should not exceed the one given in Table A-K4.3 
(Appendix K4.2). The provisions for the tensile fatigue loading of A325 and 
A490 bolts are given in Appendix K4.3. 

For structural members in conventional buildings, the number of load cycles 
(due to the change in the live load) is usually small, so that fatigue design is 
not required. However, if the member supports machinery, a crane, etc. (such 
as in an industrial building), fatigue may be a very important design consider­
ation. Fatigue is also important in bridge design, where the number of load 
cycles may be very large. In general, when the ratio of dead load to live load 
is large, the effects of fatigue are not significant; however, if this ratio is small, 
the effects of fatigue may be large enough to govern the design. The following 
examples will illustrate some typical situations involving fatigue. 

Example A.1. A 2 L 4 X 4 x ~ is subjected to the loading shown. Detennine 
the lengths II and 12 (neglect returns), and check the member for both static and 
fatigue loading if the number of cycles is 300,000 (i.e., 48 cycles/day, 250 
working days per year, for a lifetime of 25 years). 

"",:'" 
r-Q,-j 

I //, ./, ./, 

- ---t _D.L.45k T 
L.L. 35k Tor C 

""::.. /'/. 2L4 x 4 X ; I 

I Q2 

Solution. 

• Static Loading 

Maximum load = 45 k + 35 k = 80 k 
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For a !-in. weld, required total weld length 21 is 

21 = 4 x 8g.928 = 21.55 in. 

1 = 10.78 in. per angle 

Assuming 11 = 12, then 11 = 12 = 10.78 in./2 = 5.39 in.; say 5~ in. 

Note that the center of gravity of the welds does not coincide with the center 
of gravity of the member; for statically loaded members, the effects of this 
eccentricity may be neglected (AISCS J 1.9). 

Check the tensile capacity of the member: 

Ag = 7.50 in. 2; Ae = 0.85 x 7.5 = 6.38 in. 2 

[ 
0.6FyAg = 22 ksi x 7.50 in. 2 = 165 k (governs) 

PalJ = .. 2 
0.5FuAe = 29 ks] x 6.38 ID. = 185 k 

PalJ = 165 k > 80 k ok 

• Fatigue Loading 

Balance the welds around the center of gravity of the angle for fatigue loading 
(AISCS 11.9). 

Sum moments about the outstanding leg: 

1.1S"' 

~~ 

2 x [1.18 in. X (11 + 12)] = 2 x [4 in. x 111 

Loading condition 2 for 300,000 cycles (Table A-K4.1) 

Stress category F for fillet welds (Table A-K4.2; see illustrative example no. 
17) 
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Allowable stress range for weld = 12 ksi (Table A-K4.3) 

Fw = 0.928 x (12 ksi/21 ksi) = 0.530 k/in./sixteenth 

Design loads: 

Max. DL + LL = 45 k + 35 k = 80 k T 

Min. DL + LL = 45 k - 35 k = lO k T 

Load range = 80 k - lO k = 70 k 

Use maximum weld size of ft in. to obtain minimum total weld length 2/: 

70 k . 
21 = 0.530 x 7 = 18.87 m. 

I = 1\ + 12 = 9.44 in. per angle 

l.l8 in. X 9.44 in. = 4 in. X 1\ -+ 1\ = 2.79 in. say 2~ in. 

12 = 9.44 in. - 2.79 in. = 6.65 in. say 6i in. 

Check weld length for statically loaded angles: 

2 x (2.875 in. + 6.75 in.) X 0.928 X 7 = 125 k > 80 k ok 

Check base metal: 

Stress category E for base metal (see illustrative example no. 17) 

Allowable stress range for base metal = 13 ksi 

70 k 
It = 0 85 7 5' 2 = lO. 98 ksi < 13 ksi ok . x. m. 

Example A.2. A 1 in. X 3 in. plate (A588 Gr 50) is welded to a heavy mem­
ber, as shown. Determine the maximum allowable P that can be applied to the 
f6-in. welds (E6O electrodes) for a) () = 0°, b) () = 90°, and c) () = 30°. In all 
cases, consider only fatigue loading. The number of load cycles is 300,000, 
and the load can range from + P to - P. 
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f-S"-----I----15"-----l 

Solution. 

a) () = 0° 
For the fillet weld: 
Loading Condition 2 
Stress Category F 
Allowable stress range = 12 ksi 

o 

p 

12 ksi 
Fw = 0.3 X 60 ksi x 0.795 k/in./sixteenth x 5 = 2.65 k/in. 

Prange = P - (-P) = 2P 

2P = 2.65 k/in. X 18 in. = 47.7 k 

P = 23.85 k 

b) () = 90° 
Use elastic method (Alternate Method I) and compare with Ultimate 
Strength Method (p. 4-57 AISCM). 

Elastic method: 
For a I-in. weld, 

Ix = 2 [I~ x (3 in.)3 + 6 in. X (1.5 in.)2] = 31.5 in.4 

Iy = 2 [I~ X (6 in.)3 + 3 in. X (3.0 in.)2] = 90.0 in.4 

J = Ix + Iy = 121.5 in.4 
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M = Prange X 18 in. = 2 X P X 18 in. = 36 X P 

j; = 36P X 1.5 = O.444P 
h 121.5 

2P 36P X 3 
fv = 18 + 121.5 = LOP 

f, = v'(0.444P)2 + (1.0P)2 = 1.094P 

2.65 k/in. = 1.094P ~ P = 2.42 k 

Ultimate Strength Method: 
Use Table XXII, p. 4-78 AISCM with a = 3 and k = 0.5 

c) () = 30° 

12 ksi 
C = --. X 0.330 = 0.22 

18 kSI 

2P = CC,Dl = 0.22 X 0.857 X 5 X 6 = 5.66 k 

P = 2.83 k 

Use elastic method of analysis (Alternate Method 1): 

Ph = 0.866 X Prange = 1. 732P 

Pv = 0.5 X Prange = LOP; M = LOP X 18 = 18P 

1. 732P 18P X 1.5 0 8 P 
fh = -1-8- + 121.5 = .31 4 

!. = LOP + 18P X 3 = 0.50P 
v 18 121.5 

f,. = v'(0.3184P)2 + (0.50P)2 = 0.5928P 

2.65 k/in. = 0.5928P ~ P = 4.47 k 

Example A.3. A water tank is supported by two W 16 X 57 beams (A572 Gr 
50), as shown. The beams were originally designed for a total weight of 68 
kips (10 k for the weight of the empty tank and 58 k for the weight of the 
water). Due to factory upgrades, the existing tank is to be replaced with a new 
tank weighing 10 kips which has a capacity to carry water weighing 130 kips. 
The tank is to be filled and emptied 25 times per day. Determine the required 
reinforcement for the existing W 16 X 57 beams, assuming that the top flanges 
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are adequately braced the full length of the beams. Assume 250 work days per 
year and a 25-year life for the structure. 

WT Hanger 
(Typ.) 

W 16 X 57 

W 16 X 57 (Typ.) 

~"<I> A325-N Bolts 

Water Tank 

T-15 j ------+--15'-t j 10' 

Po 
PL 

Solution. 

• Static Loading: 
Original loading: 

PD = 10 k/4 = 2.5 k 

PL = 58 k/4 = 14.5 k 

Po 
PL 

Mmax = (2.5 k + 14.5 k) x 15 ft = 255 ft-k, S = 92.2 in.3 

255 ft-k x 12 in./ft . . ib = 3 = 33.19 kSI == 0.66 x 50 kSI = 33 ksi ok 

New loading: 

92.2 in. 

PD = 10 k/4 = 2.5 k 

PL = 130 k/4 = 32.5 k 

Mmax = (2.5 k + 32.5 k) x 15 ft = 525 ft-k 
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The existing beams must be reinforced with cover plates to carry the new loads. 
After some trials, assume the following cover plates: 2 

fL---~1t 1~ x 6 

W 16 X 57 

~===~ It ~ X 10 

Section properties of cover-plated section: 

y = 9.02 in., 1= 1897.4 in.4, Sf = 201.6 in. 3 , Sb = 210.4 in. 3 

Check stresses: 
Top: 

fi 525 ft-k X 12 in. 1ft 3 25 . 
b = 3 = 1. kSI < 33 ksi ok 

201.6 in. 

Bottom: 

525 ft-k X 12 in. 1ft ib = 3 = 29.94 ksi < 33 ksi ok 
210.4 in. 

Determine the theoretical cutoff points for the plates: 

33 k . 
92 2 · 3 X Sl = 253 6 ft-k Mcutoff = . In. I . 12 in. ft 

x 15 . . 
253.6 = 525 ..... x = 7.25 ft I.e., 7 ft, 3 In. from the support 

Determine required fillet welds: 

VQ 
q=-

I 

'The widths of the new cover plates were selected as shown so that overhead welding to the existing 
beams would not be required. 
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Q = (0.75 x 10) x (9.02 - 0.375) = 64.84 in.3 (tension cover plate) 

35 k x 64.84 in.3 . 

q = 1897.4 in.4 = 1.2 kim. 

For continuous 156-in. fillet welds: 

Fw = 2 x 5 x 0.928 = 9.28 k/in. > 1.2 k/in. ok 

(Note: An intermittent fillet weld is not used due to fatigue, as will be discussed 
below.) 

Check the force in the termination region: 

MQ 253.6 ft-k x 12 in. 1ft X 64.84 in.3 04 k 
H=-= =1 

I 1897.4 in.4 

Assume a' = 2.0 x 7.12 in. = 14.24 in. say 14.5 in. 

Hweld = (2 X 14.5 in.) X 0.928 X 5 = 134.6 k 

Hweld > H ok 

Total length of cover plate = 40 - (2 X 7.25) + [2 X (1:~5) ] 
= 27.92 ft say 28 ft centered on the span 

Stress at end of cover plate: 

525 
M = (7.25 - 1.21) x 15 = 211.4 ft-k 

211.4 ft-k x 12 in. 1ft 2 51 k· ib = 3 = 7. Sl 
92.2 in. 

• Design for Fatigue 
No. cycles = 25 cycles/day x 250 days/yr x 25 yr. life-time = 156,250 

From Table A-K4.1, this number of cycles corresponds to Loading Con­
dition 2 

From Table A-K4.2: 

For built-up member, base metal: stress category B (illust. ex. 5) 



468 STEEL DESIGN FOR ENGINEERS AND ARCHITECTS 

For built-up member, base metal at ends of partial length welded cover plates: 
stress category E' 

For fillet weld metal: stress category F 

Allowable stress ranges (Table A-K4.3): 
Category B: 29 ksi3 

E': 9 ksi 
F: 12 ksi 

Stress at midspan for full DL + LL: ib = 29.94 ksi (see above) 
Stress at midspan for DL only: 

i' _ 2.5 k X 15 ft X 12 in. 1ft _ . 
Jb - 210.4 in.3 - 2.14 kSl 

Stress range at midspan = 29.94 ksi - 2.14 ksi = 27.80 ksi 

27.80 ksi < Allowable stress range Category B = 29.0 ksi ok 

Stress range at end of plate = 27.51 ksi X ~~:~ ~ = 25.55 ksi 

25.55 ksi > Allowable stress range Category E' = 9.0 ksi N.G. 

It is clear that the cover plate cannot be terminated at this point; thus, either 
the cover plate must be made much heavier or the cutoff point must be moved 
much closer to the support. Determine the cutoff point of the plate given an 
allowable stress range of 9 ksi: 

S (W 16 x 57) = 92.2 in. 3 

92.2 in .. 3 x 9 ksi = 69.2 ft-k 
Mrange = 12 m.jft 

Let X be the distance from the support to the cutoff point. 

32.5 k x X = Mrange = 69.2 ft-k 

X = 2.13 ft from the support. 

Hence, extend the bottom cover plate the full length of the beam. 

3This allowable stress range is for the case when continuous fillet welds are used to connect the 
plate to the beam. Intermittent fillet welds are not acceptable, since at the point where the weld is 
interrupted, the stress range goes to E or E' , which results in a significant decrease in the allowable 
value. 
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Check the continuous fillet weld: 

12 ksi 
Fw = 0.928 x 21 ksi = 0.53 k/in./sixteenth x 5 

= 2.65 k/in. 

VLLQ 32.5 k x 64.84 in. 3 

qLL = -- = 4 1.11 k/in. 
I 1897.4 in. 

2 X 2.65 k/in. = 5.3 k/in. > 1.11 k/in. ok 

Hanger design (see Chap. 7): 

Design the hangers for the full static load and then check the provisions in 
AISCS Appendix K4.3. Assume A36 steel for the hangers. 

Use ~-in. A325-N bolts (minimum practical size for such elements). 

Select a preliminary size of tee flange by using the table provided on p. 4-89 
of the AISCM: 

Try b = 2 in. and assume 7-in. fitting length. 

B = 19.4 k (Table I-A, p. 4-3 AISCM) 

fbi . 35 k No. 0 0 ts reqUired = 19.4 k 

1.8 use four bolts (minimum practical number) 

35 k 
T = - = 8.75 k < 19.4 k ok 

4 

. . 2 x 8.75 k / 
Load per hnear Ill. = . /2 = 5.0 kin. 

(7 Ill. ) 

From the preliminary selection table with b = 2 in. and load = 5.0 k/in., the 
thickness of the flange of the tee should be approximately 0.75 in. Tentatively 
select WT 9 x 32.5, tl = 0.75 in., tw = 0.45 in., bi = 7.59 in. Assume 4-in. 
beam gage. 

b = 4 in. - 0.45 in. 
2 

7.59 in. - 4 in. 
a=------

2 

1. 775 in. > I! in. tightening clearance 
(see p. 4-137) 

1.795 in. 
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1.25b = 2.219 in. > 1.795 in. use a = 1.795 in. 

b' = 1.775 in. - (0.75 in./2) = 1.400 in. 

a' = 1.795 in. + (0.75 in. /2) = 2.170 in. 

p = 7.0 in./2 = 3.5 in. 

d' = 0.75 in. + 0.0625 in. = 0.8125 in. 

S = 1 - (0.8125 in./3.5 in.) = 0.768 

p = 1.40 in. /2.170 in. = 0.645 

1 (19.4 k ) 
(3 = 0.645 8.75 k - 1 = 1.89 > 1 -> a' = 1 

t = req 3 5 . 36 k . 0 68 = 0.66 in. < 0.75 in. ok 
. lfl. X Sl(l + .7 ) 

8 X 8.75 k X 1.40 in. 

Note that a WT 9 X 30 would probably be satisfactory in this case as well; 
however, the savings in weight for such small hangers would be negligible. 

Use WT 9 X 32.5 hangers. 

Determine the prying force Q: 

t = c 

8 X 19.4 X 1.40 in. 
------- = 1.313 in. 

3.5 in. X 36 ksi 

a = _1_ [ 8.75 k/19.4 k - II = 0498 
0.768 (0.75 in./1.313 in.)2 . 

( 0.75 in. )2 
Q = 19.4 k X 0.768 X 0.498 X 0.645 X = 1.56 k 

1.313 in. 

Check the requirements of AISCS Appendix K4.3, p. 5-107: 

Total load acting on one bolt = 8.75 k + 1.56 k = 10.31 k 

10.31 k 
fbolt = 0.4418 in.2 = 23.34 ksi < 40 ksi ok 

Also, 1.56 k < 0.60 X 8.75 k = 5.25 k ok 

Note that in lieu of the above calculations, the prying effect can be eliminated 
by putting thick enough washers between the surfaces in contact. The four ~­
in.-diameter A325-N bolts determined above would work in this case as well. 



Appendix B 
Highway Steel Bridge Design 

B.1. OVERVIEW OF HIGHWAY STEEL BRIDGE DESIGN AND 
THE AASHTO CODE 

The main intention of this appendix is not to give a comprehensive coverage of 
highway steel bridge design but to familiarize the reader with the basic differ­
ences between building and bridge design. The code which will be considered 
here is the "Standard Specifications for Highway Bridges" of the American 
Association of State Highway and Transportation Officials (AASHTO). In gen­
eral, the design provisions of the AISC and AASHTO are similar. However, 
some basic differences in allowable stresses, limiting thicknesses and sizes, etc. 
are evident. This section will present a general overview of these differences, 
and the order of presentation will follow Sect. 10 of the AASHTO code. The 
loads and their distribution (Sect. 3 of AASHTO) will be presented in Sect. 
B.1.5. Throughout this appendix, reference is made to the applicable section 
numbers and equations from the AASHTO code. 1 

B.1.1. General Requirements and Materials (AASHTO Sect. 10, Part 
A). The designations of the materials follows the AASHTO M listing given in 
Table 1O.2A. The equivalent ASTM (AISC) designations for these materials 
are also given. 

B.1.2. Design Details (AASHTO Sect. 10, Part B). 

B.1.2.I. Repetitive Loading and Toughness Considerations (AASHTO 
10.3). In AASHTO Table 1O.3.2A, the number of stress cycles to be consid­
ered in the design are given, depending on the type of loading and the type of 

'''Standard Specifications for Highway Bridges," Copyright 1989. The American Association of 
State Highway and Transportation Officials, Washington, D.C. Used by permission. 
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roadway. Table A-K4.3 of the AISC is almost identical to the allowable stress 
range Table 1O.3.1A in AASHTO for redundant load path structures. Also given 
in Table 1O.3.1A are the allowable stress ranges for non redundant load path 
structures which are about 20% smaller than the previous ones. By definition, 
a nonredundant load path structure is one in which failure of a single element 
could cause collapse. Also, slight differences occur in the stress category clas­
sifications given in AISC Table A-K4.2 and AASHTO Table 1O.3.1B. 

Members subjected to tensile stress capacity require special Charpy V-Notch 
impact properties (AASHTO 10.3.3). No such requirement is given in the AISC. 

B.1.2.2. Depth Ratios and Deflections (AASHTO 10.5, 10.6). In AISCS L3, 
suggested maximum live load deflections are provided to prevent cracking of 
plaster ceilings. Typically, the maximum live load deflection should not exceed 
~ of the span. According to AASHTO, the ratio of the depth of the beam to 
the length of the span should not be less than is for beams or girders; for com­
posite girders, the ratio of the overall depth (slab plus steel) to the length should 
preferably not be less than is , and the ratio of the steel girder alone to the length 
of the span should preferably not be less than 3b. In all cases, the deflection due 
to service live loads plus impact should not exceed sbo of the span. 

B.1.2.3. Limiting Lengths of Members (AASHTO 10.7). According to 
AASHTO, the limiting value of the slenderness ratio KL / r for compression 
members is 120 for main members and 140 for secondary members. In AISCS 
B7, this ratio is suggested to be limited to 200 for all compression members. 
As far as tension members are concerned, the ratio L / r is required to be less 
than 200 for main members in AASHTO 10.7.5, while AISCS B7 suggests a 
limit of 300. 

B.1.2.4. Minimum Thickness of Metal (AASHTO 10.8). In general, the min­
imum thickness of metal is ft, in. unless other considerations (e.g., minimum 
thickness ratio) control. 

B.1.2.5. Effective Area of Angles and Tee Sections in Tension (AASHTO 
10.9). For a tee section, a single angle, or a double angle section with outstand­
ing legs connected together, the effective area is the net area of the connected 
leg or flange plus one-half of the area of the outstanding leg (AASHTO 10.9.1). 
This provision is quite different from that of the AISCS (AISCS B3) but may 
still give very similar results. 

B.1.2.6. Outstanding Legs of Angles (AASTHO 10.10). The widths of out­
standing legs of angles in compression should not exceed 12 times the thickness 
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of the angle in main members nor 16 times the thickness in secondary members. 
The corresponding limitations in the AISC are given in Table B5.1. 

B.1.2.7. Cover Plates (AASHTO 10.13). The maximum thickness of a cover 
plate shall be less than two times the thickness of the flange to which it is 
attached. AISCS BlO requires that for plates which are bolted or riveted to the 
beam flange, the total cross-sectional area of the cover plates should not exceed 
70% of the total flange area. 

B.1.2.8. Splices (AASHTO 10.18). According to the service load design 
method, splices should be designed for the average of the calculated design 
stress at the point of the splice and the allowable stress of the member at the 
same point, or 75 % of the allowable stress in the member, whichever is larger. 
This AASHTO provision is quite different from the one given in AISCS 17, 
which requires that the splice develop the strength required by the stresses at 
the point of the splice. In the case of splices created by welding of material of 
different widths or thicknesses, transition details are given in AASHTO Fig. 
1O.18.5A. 

B. 1.2. 9. Diaphragms and Cross Frames (AASHTO 10.20). Special provi­
sions are made for the location and depth of diaphragms. Empirical formulas 
are given for the additional stresses induced in the main member's flanges due 
to the application of wind through the diaphragm. See Sect. B.2 for more de­
tails. 

B.1.2.10. Fasteners (Rivets and Bolts) (AASHTO 10.24). Bearing-type con­
nections using high-strength bolts are limited to members subjected to compres­
sion and to secondary members. All other high-strength connections shall be 
SC connections. This is very different from the provision of the AISCS, which 
allows bearing-type connections to be used in all situations except in the ter­
mination zone of partial length cover plates (AISCS BlO). The AISCS permits 
the use of A307 bolts in limited cases. The spacing and edge distance require­
ments given in AASHTO 10.24.5 and 10.24.7 are somewhat larger than those 
given in AISCS 13. 

B.1.3. Service Load Design Method (AASHTO Sect. 10, Part C). 

B.1.3.1. Allowable Stresses in Steel (AASHTO 10.32.1). The allowable 
stresses are summarized as follows (see Table 1O.32.1A): 

• Tension: 0.55 Fy on gross area 
0.46 Fu on net area 

These allowable values are about 10% less than those given in AISCS Dl. 
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• Compression in a concentrically loaded column: 

F = Fy r 1 _ (KL/r)2l 
a 2.12 L 2C~ 

h KL > C F = 1('2£ where C = J21I'2£ w en - c: a 2 
r 2.12(KL/r) c Fy 

These equations have a uniform factor of safety of 2.12, which is different 
from that of the AISCS, where the factor of safety varies from ~ to H 
(AISCS E2). Essentially, (H) X 1.10 = 2.11, which indicates that al­
though a uniform factor of safety has been given in AASHTO, it has also 
been increased by about 10 %. Note that in situations where A36 steel is 
used, the slender column case cannot be reached, since KL / r is limited to 
120, which is less than Cc = 126.1. Values for Fa are shown graphically 
in Appendix C of AASHTO . 

• Compression in extreme fibers of flexural members: 

full lateral support: 0.55 Fy (far below 0.66 Fy given in AISCS Fl.l) 

partial support or unsupported: a special formula taking into 
consideration lateral-torsional buckling is provided. 

• Shear in girder webs on the gross section: 0.33 Fy (compared to 0.40 Fy 
given in AISCS F4) 

• Bearing on milled stiffeners: 0.80 Fy (compared to 0.90 Fy given in AISCS 
J8) 

B.J.3.2. Weld Metal (AASHTO 10.32.2). The provisions can be summarized 
as follows: 

Fy(weld metal) ~ Fy(base metal) 

Fu(weld metal) ~ Fibase metal) 

For fillet welds, Fv = allowable stress = 0.27 Fu, which is 10% less than the 
allowable stress given in AISCS Table 12.5. 

B.1.3.3. Allowable Stress on Bolts (AASHTO 10.32.3). Bearing-type connec­
tors have 10% less allowable capacity in shear and tension (Table 1O.32.3B) 
than those given in the AISCS (Table 13.2). For SC connectors, the same 10% 
is true for shear. 
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B.1.3.4. Applied Tension, Combined Tension and Shear (AASHTO 
10.32.3.3). For the combination of tension and shear in SC and bearing-type 
connectors, completely different expressions from those given in AISCS Table 
J3.3 are used. The use of the AASHTO equation for prying forces on a bolt is 
much simpler than the procedure given in the AISCM (see p. 4-89). 

B.1.3.5. Fatigue (AASHTO 10.32.3.4). The allowable design stresses for ten­
sile fatigue loading of high-strength bolts given in this section should be greater 
than the tensile stresses due to the application of the service load plus the prying 
force resulting from the application of the service load. Additionally, it is re­
quired that the prying force shall not exceed 80% of the externally applied load. 
Similar provisions are given in AISCS Appendix K4.3. The allowable stresses 
given are about 12 % larger than the AASHTO ones, and the prying force should 
not exceed 60% of the externally applied load. 

B.1.3.6. Bearing on Masonry (AASHTO 10.32.6). The allowable bearing 
pressure on the concrete is less than the one given in AISCS J8. Also, the same 
edge distances are recommended for the case of bearing on less than the full 
area of the concrete support. 

B.1.3.7. Plate Girders (AASHTO 10.34). The design and sizing of plate gir­
ders follow requirements similar to the ones given in AISCS. In particular, 
limiting width-thickness ratios, minimum-web thickness, etc. are more con­
servative in AASHTO. Allowable stresses, as noted earlier, are more conserv­
ative as well. 

B.1.3.8. Stiffeners (AASHTO 10.34.4, 10.34.6). The expressions for spacing 
and sizing both bearing and transverse stiffeners are similar to the ones given 
in AISCS K1; however, lower allowable stresses are required in AASHTO. 
Note that longitudinal stiffeners are treated in AASHTO 10.34.3.2 and are not 
used in the AISCS. 

B.1.3.9. Combined Stresses (AASHTO 10.36). Equations (10-41) and (10-42) 
are identical to eqns. (HI-I) and (Hl-2) in the AISCS, with one exception: the 
denpminator of the first term in (10-42) is 0.472 Fy compared to 0.60 Fy in 
(Hl-2). Note that eqn. (Hl-3) has been omitted in AASHTO. The term F; in 
eqn. (10-43) is the same as the one given in AISCS, except that the factor of 
safety is 2.12 instead of H. The em coefficients are tabulated in Table 1O.36A. 

B.1.3.10. Composite Girders (AASHTO 10.38). The values of the modular 
ratio n are specified in integers for various ranges of the concrete compressive 
strength (AASHTO 10.38.1.3). The effect of creep is specifically considered in 
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Sect. 10.38.1.4, where it is stated that the modular ratio n must be multiplied 
by a factor of 3. Elaboration on this increase in n will be given in Sect. B.2. 

The effective flange width of the concrete may be governed by the thickness 
of the slab (AASHTO 10.38.3); in the AISCS, the effective width does not 
depend on the slab thickness (AISCS 11). 

Because fatigue loading is always present, the shear connectors must be ver­
ified for both fatigue and ultimate strength (AASHTO 10.38.5), while in the 
AISCS it is required that only the ultimate capacity be checked (AISCS 14). 

Stresses and deflections must be checked for the following cases: 1) dead 
load (the steel alone resisting its own weight plus the weight of the wet con­
crete), 2) superimposed dead load (the composite section, based on 3n, resisting 
the superimposed loads), and 3) live load (the composite section, based on n, 
resisting the live loads, which include the impact factor, the distribution factor, 
and the multiple loaded lanes reduction factor). See Sect. B.2 for more detailed 
information. 

B.1.4. Strength Design Method (AASHTO Sect. 10, Part D). This method 
can be compared to the Load and Resistance Factor Design (LRFD) method; 
for this reason, it will not be discussed here. 

B.1.S. Loads (AASHTO Sect. 3). In general, a bridge should be designed for 
dead loads, live loads (including impact), wind loads, and other applicable 
forces, as discussed in AASHTO 3.2. Only the dead and live loads given in 
AASHTO 3.3 and 3.4, respectively, will be discussed here, since the effects of 
the other loads are beyond the scope of this text. The dead load consists of the 
weight of the entire structure, which should include the roadway (deck), future 
resurfacing, sidewalks, supporting members, and any other permanent attach­
ments to the bridge. The live loads, which are very different from those en­
countered in building design, consist of truck loading and lane loading 
(AASHTO 3.7). 

Four standard classes of highway live loadings are given in AASHTO 3.7.2: 
H20-44 , HI5-44, HS20-44, and HSI5-44. The H loading consists of a truck 
with two axles or a corresponding lane load. The number following the H is 
the gross weight in tons of the standard truck, and the second number refers to 
the year 1944, when these trucks were standardized. The truck loadings for the 
H type trucks are shown in Fig. B.la. The HS loading is a tractor truck with a 
semitrailer having a total of three axles or a corresponding lane loading. For 
the HS truck loading, the number which follows the HS indicates the gross 
weight in tons of the tractor truck (i.e., the first two axles). The third axle is 
assumed to carry a load equal to 80% of the weight of the tractor truck, which 
is the weight of the second axle (see Fig. B.lb). 
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The lane loadings associated with the four standard classes are shown in Fig. 
B.2. A lane loading, consisting of a unifonn load per linear foot of lane and a 
single concentrated load for a simple span,2 simulates a truck train and approx­
imately represents the fully loaded bridge. As shown in the figure, the magni­
tude of the concentrated load depends on whether shears or moments are com­
puted; it is to be placed so as to produce maximum stresses. 

According to AASHTO 3.6, standard truck or lane loadings are assumed to 
occupy a width of 10 ft. These loads are to be placed in 12-ft-wide design traffic 
lanes, which are to be spaced across the entire bridge width (measured between 
curbs) in number and position so as to produce the maximum stress in the mem­
ber under consideration. 

The type of live loading (truck or lane) which should be used is the one which 
produces the maximum stress on the member. Considering that all of the lanes 
will not be fully loaded at the same time (statistically speaking), the governing 
live load can be reduced by 10% for a bridge with three lanes and by 25% for 
one with four or more lanes loaded simultaneously (AASHTO 3.12). In Ap­
pendix A of the AASHTO code, tables are provided which give the unreduced 
maximum reactions and maximum moments corresponding to the governing 
truck or lane loading for simple spans (one lane). 

To account for the increase in stresses (Le., impact effect) due to the sudden 
application of the moving loads, the applicable live load must be increased by 
the factor (I + 1), with I given in AASHTO eqn. (3-1): 

50 
I = ~ 0.30 

L + 125 

where I = impact factor and L = length in feet of the portion of the span that 
is loaded to produce the maximum stress in the member. 

When a concentrated load from a truck wheel acts on a bridge deck, this load 
is distributed over an area larger than the contact area between the wheel and 
the deck. The distribution of the load described above is given in AASHTO 
3.23. For shear, the lateral distribution of the wheel load shall be obtained by 
assuming that the flooring acts as a simple span between stringers. For the 
bending moments of an interior stringer, the fraction of a wheel load (both front 
and rear) shall be applied to the stringer. It shall be S /7.0 (where S is the 
stringer spacing in feet) for one traffic lane or S /5.5 for two or more traffic 

2For a continuous beam, the lane loading should consist of the uniform distributed load and the 
two concentrated loads (one per span), all positioned so as to produce the maximum negative 
moment at an interior support. To obtain the maximum positive moment, the uniform load and one 
concentrated load should be positioned accordingly. 
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H 20-44 
H 15-44 

8.000 LBS. 
8.000 LBS. 

32,000 LBS.-
24,000 LBS. 

, 14'-0" I 
~ W' TOTAL WEIGHT ~ .. :;o I­.:L.. TRUCK AND LOAD ~ 

~ --- O.4W 

• I . . I 

-*---$-
CLEARANCE AND 

LANE WIDTH 

·In the design of timber floors and ortbotropic steel decks (excluding tnDSver5e beams) for HS 20 loading. 
me axle load of 24.000 pounds or two axle loads of 16.000 pounds each. spaced 4 fecI apan 1118)' be used. 
whichever produces the greater stress, iaslead of the 32.000-p0und axle shown . 

.. For slab design. the cenler line of wheels shall be assumed to be 1 foot from face of curb. (See Anic:1e 
3.24.2.) 

a. 

Fig. B.1. Standard truck loading: (a) H type; (b) HS type (AASHTO Figs. 3.7.6A and 3.7.7A; 
"Standard Specifications for Highway Bridges," Copyright 1989. The American Association of 
State Highway and Transportation Officials, Washington, D.C. Used by permission). 



HS20-44 ',000 LBS. 
HS1S..... 6.0Q0 LBS. 
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32,oooLBS.· 
24,000 LBS. 

32.000 LBS~ 
24,000 LBS. 

~I ... ~.~ V L 
~-'~-----.~W 

~-.-$--'-'--f$r-
W .. COMBINED WEIGHT ON THE FIRST TWO AXLES WHICH IS THE SAME 

AS FOR THE CORRESPONDING H TRUCK. 
V = VARIABLE SPACING - 14 FEET TO 30 FEET INCLUSIVE. SPACING TO BE 

USED IS THAT WHICH PRODUCES MAXIMUM STRESSES. 

CLEARANCE AND 
OAD LANE WIDTH 

10'.o" 

•• 
2'.o" 6·.o" 2'.o" 

-I. tile desip of timber floors IlId ortboIropic steel decks (ClII:ludillllnDSWnc beams) for H2O DdiDC, ODe 

uk Dd of 24,000 pouIIIIs or l1IIIO IXIe Dds of 16,000 pouIIIIs eacb 1J111'*14 feel apart 1lIIY be ued, wbiI:hner 
prod_1be paler SIlas, iDSICId of Ibe 32,CJOO.pouDd ule 1bowD. 

-. For slab desip, Ibe CIIIIer IiDe of wbeeIs _II be Illumed to be 1 foot from face of ClUb. (See Article 
3.24.2.) 

b. 

Fig. B.1. (Continued) 
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Concentrated load - 18,000 Ibs. for moment· 
26,000 Ibs. for shear 

Uniform load 640 Ibs. per linear foot of load lane 

H20-44 loading 
HS20-44 loading 

Concentrated load - 13,500 Ibs. for moment· 
19,500 Ibs. for shear 

Uniform load 480 Ibs. per linear foot of load lane 

H15-44 loading 
HS15-44 loading 

* For the loading of continuous spans involving lane loading refer to Article 3.11.3 which 
provides for an additional concentrated load. 

Fig. B.2. Standard H and HS lane loading (AASHTO Fig. 3.7.6B; "Standard Specifications for 
Highway Bridges," Copyright 1989. The American Association of State Highway and Transpor­
tation Officials, Washington, D.C. Used by permission). 

lanes. For an exterior stringer, the distribution factor is S/5.5 when S :s 6 ft 
or S / (4.0 + 0.25S) when 6 ft < S < 14 ft. In no case shall an exterior stringer 
have less capacity than an interior one. 

B.2 DESIGN OF A SIMPLY SUPPORTED COMPOSITE HIGHWAY 
BRIDGE STRINGER 

In this section, only the essential aspects of the design of simply supported 
composite stringers will be discussed. As with composite beams in buildings, 
it is also generally required that the stringer and the concrete deck work together 
so that a stiffer and shallower structure can be obtained. All of the appropriate 
section and equation numbers referenced in this section will be from the 
AASHTO code. 

The Service Load Design Method, Part C of AASHTO Section 10, will be 
used here to proportion the composite member. The allowable stresses given in 
this method are at least 10% less than those given in the AISCS. Considering 
the type of loading which acts on a bridge, fatigue must also be considered. 
The details for the design of a typical composite bridge beam is given in the 
following example, with reference to the AASHTO code wherever applicable. 
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Example B.1. Determine an interior composite stringer for the 88-ft-Iong, sim­
ply supported highway bridge shown below. The deck is 37 ft, 3 in. wide curb­
to-curb and is divided into three lanes, each 12 ft, 5 in. wide. The highway live 
loading is H820-44, with a traffic frequency greater than 2,000,000 cycles/year. 
Use M270 Gr 36 steel (equivalent to A36 steel) and a normal-weight concrete 
deck 7! in. thick with/; = 3500 psi. Unshored construction. 

1------------40'-5"'-------------1 
1'-7" 

----0+---..-+---------3 Lanes@12'-5" = 37'-3"'---------I~+-

2" Possible Future 
Resurfacing 

Concrete 
Parapet 

(See Detail Below) 

-+-.-+-----------5 @ 7'-0" = 35'-0"---------hrl.-

2'-6~" 

Typical parapet (Jersey type) as per Illinois 
Department of Transportation (lOOT) 

Solution. After some trials, assume the following section: 
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3 

1" Fillet (Min.) 
2 

It 1 X 10 

~'lX45' 
It 2 X 14 

A more economical composite member is obtained by using a welded steel 
section with the bottom flange larger than the top flange, as shown. Also note 
that when computing section properties, the concrete of the 1-in. fillet is as­
sumed to be negligible, and the 7!-in. concrete deck is reduced to a thickness 
of 7 in. to account for any loss in wearing surface caused by the traffic.4 

The stresses in the steel at points 1 and 2 are due to the combination of the 
dead load, the superimposed dead load, and the highway live load. Since the 
beam is unshored, the steel alone will carry the dead load, while the composite 
section will carry the superimposed dead load and live load. The stress in the 
concrete at point 3 is due to the superimposed dead load and the live load; this 
stress is resisted by the composite section. Thus, section properties are required 

'Some savings in poundage could be obtained by using a i-in.-thick web; however, the labor that 
would be required for cutting and welding the extra stiffeners would sharply increase the overall 
cost. 
'This !-in. reduction in the concrete deck, although not required by AASHTO, is often used by 
many designers to provide additional safety. 
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for the steel alone for the dead load, the composite section for the superimposed 
dead load, and the composite section for the live load. 

In general, when determining section properties, it is often convenient to take 
the reference axis at the bottom of the section, and to tabulate all of the data 
for each of the components in the section with respect to the reference axis, as 
shown below. The notation used in the tables is as follows: 

A; = area of the component under consideration, in.2 

y; = distance from the reference axis to the centroid of the component under 
consideration, in. 

(10); = moment of inertia of the component under consideration about its own 
centroid, in.4 

(Ix); = moment of inertia of the component under consideration about the 
reference axis, in.4 

The location of the neutral axis for the entire section and the corresponding 
moment of inertia can then be easily determined from statics. 

• Section properties for the steel alone (reference axis taken at the bottom of 
the section): 

A, y, A,y, A,yf (/0 ), (Ix)' 
Component (in.2) (in.) (in.3) (in.4) (in.4) (in.4) 

Pl2 x 14 28.0 1.0 28.0 28.0 -. 28.0 
PI! x 45 22.5 24.5 551.3 13,505.6 3797.0 17,302.5 
PllxlO 10.0 47.5 475.0 22,562.5 - . 22,562.5 

E 60.5 1054.3 39,893.0 

'Negligible. 

1054.3 in. 3 
Ys = . 2 = 17.43 in. measured from the bottom of 

60.5 !D. the section to the neutral axis 

Is = 39,893.0 in.4 - 60.5 in. 2 x (17.43 in.)2 = 21,520 in.4 

= 21,520 in.4 = 1234 7 'n 3 
SI 17.43 in. . 1. 

21,520 in.4 04 O· 3 
S2 =. . = 7 . !D. 

48 !D. - 17.43 m. 

• Section properties of the composite section for the superimposed dead 
loads: 
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When dead load acts on the composite section, the effects of creep must be 
considered (AASHTO 10.38.1.4). To account for creep, the ratio of the mod­
ulus of elasticity of the steel to that of the concrete n must be multiplied by 3.5 

For /; = 3500 psi, n = 9 (AASHTO 10.38.1.3) 

Therefore, for creep, base transformed section properties of 
the concrete on n = 3 x 9 = 27. 

Effective flange width of the concrete (AASHTO 10.38.3): 

b = lesser of 
[

Span/4 = 88 ft x 12 in./ft/4 = 264 in. 

Center-to-center spacing of girders 

= 7 ft x 12 in./ft = 84 in. 

12 x slab thickness = 12 x 7 in. = 84 in. 

Thus, b = 84 in. 

84 in. 
b tr = --z:J = 3.11 in. 

Actr = 3. 11 in. x 7 in. = 21. 8 in. 2 

1 . 
1m = 12 x 3.11 m. x (7 in.)3 = 89 in.4 

A; y; A;y; 
Component (in. 2) (in.) (in. 3) 

Steel stringer 60.5 17.43 1054.5 
Transformed concrete 21.8 52.50 1144.5 

E 82.3 2199.0 

2199.0 in. 3 = 267' 
Ytr = 82 3' 2 • m . . m. 

A;y; (10); 
(in.') (in:) 

18,380 21,520 
60,086 89 

I tr = 100,075 in.4 - 82.3 in.2 x (26.7 in.)2 = 41,319 in.4 

41,319 in.4 . 3 
SI = = 1547.5 m. 

26.7 in. 

39,900 
60,175 

l00,Q75 

5Since the superimposed dead load is always present on the composite section. the concrete will 
undergo some creep. This results in a change in the modular ratio from n to 3n. 
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__ 4_1,-,3_1_9_in_._4_ = 1940.0 in. 3 
S2 = 48 . 267' m. - . m. 

__ 4_1,-,3_1_9_in_._4_ = 1410.0 in.3 
S3 = 56' 267' m. - . m. 

• Section properties of the composite section for the live load: Transformed 
section properties of the concrete are determined for n = 9. 

84 in. 
blr = -9- = 9.33 in. 

Aclr = 9.33 in. x 7 in. = 65.3 in.2 

1 . 
IClr = 12 x 9.33 m. X (7 in.)3 = 267 in.4 

A; y; A;y; A;yl (10); (I.); 
Component (in. 2) (in.) (in. 3) (in.') (in.') (in.') 

Steel stringer 60.5 17.43 1054.5 18,380 21,520 39,900 
Transformed concrete 65.3 52.50 3428.3 179,983 267 180,250 

r; 125.8 4482.8 220,150 

4482.8 in. 3 
Ylr = 125.8 in.2 = 35.6 in. 

llr = 220,150 in.4 - 125.8 in.2 X (35.6 in.)2 = 60,408 in.4 

60,408 in.4 . 3 
SI = 3 6' = 1697.0 m. 5. m. 

_ 60,408 in.4 _ 7 'n 3 
S2 - 48' _ 35 6' - 48 2.0 1 . m. . m. 

60,408 in.4 . 3 
S3 = 56' _ 356' = 2961.0 m. In. . In. 

Loading: 

Dead load: 

Beam weight = 60.5 in. 2 X 1~ = 0.206 klf 

Details, diaphragms, etc. (15% of beam weight) = 0.031 klf 
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Slab = 7.5 i/o x 0.145 k/ft3 x 7 ft = 0.634 kIf 
12 in. ft 

1 in. / 3 10 in. 
Fillet = / x 0.145 k ft x / = 0.010 kIf 

12 in. ft 12 in. ft 

WD = 0.206 + 0.031 + 0.634 + 0.010 = 0.881 kIf, say 0.90 kIf 

Superimposed dead load: 

Concrete parapets: 

2 x 0.145 k/ft3 x 2.83 ft2 = 0.82 kIf 

Resurfacing = 2 ini = 0.145 k/ft3 x 37.25 ft = 0.90 kIf 
12 in. ft 

The stiff reinforced concrete deck and the existence of the diaphragms forces 
all of the stringers to deflect the same amount; thus, they will all carry the same 
moment (AASHTO 10.6.4). Consequently, the superimposed dead load is to 
be divided by the number of stringers when computing the moment in a stringer 
caused by this loading. 

WSD = (0.82 + 0.90) = 1.72 kIf/6 beams = 0.287 kIf 

Maximum moments: 

0.90 kIf x (88 ft)2 2 ft k 
MD = 8 = 871. -

0.287 kIf x (88 ft)2 8 ft k 
MSD = 8 = 277. -

From Appendix A of the AASHTO code, the live load moment is 1308.5 ft-k 
(from interpolation). This moment is to be modified by the impact factor, the 
distribution factor, and the multiple loaded lanes reduction factor. 

50 
I = 88 + 125 = 0.235 < 0.30 

7.0 ft 
Distribution factor = -- = 1273 x ! (per wheel line) 

5.5 
= 0.636 

Reduction factor = 1 - 0.1 = 0.9 
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Therefore, 

ML +f = 1308.5 ft-k X (1 + 0.235) x 0.636 X 0.9 = 925.0 ft-k 

Maximum stresses (AASHTO 10.38.4): 

871.2 X 12 277.8 X 12 925.0 x 12 
fj- + +----

I - 1234.7 1547.5 1697.0 

= 8.47 + 2.15 + 6.54 

= 17.16 ksi < 20 ksi (AASHTO Table 1O.32.1A) ok 

871.2 x 12 277.8 x 12 925.0 x 12 
1.- + +----

2 - 704.0 1940.0 4872.0 

= 14.85 + 1.72 + 2.28 = 18.85 ksi < 20 ksi ok 

f 277.8 x 12 925.0 x 12 09 0 
3 = 1410.0 x 27 + 2961.0 x 9 = o. +.42 

= 0.51 ksi < 0.4 x 3.5 = 1.4 ksi ok 

We can see that the bending stresses due to fatigue (i.e., U + /) are quite 
small and under control. 

For this composite girder, the ratio ofthe top compression flange width to thick­
ness b / t = 10/1 = 10. The limiting value of b / t is given in AASHTO eqn. 
(10-20) as follows: 

b 3860 

- = ../fi.DL 

where fi,DL = compression stress in the top flange due to the noncomposite 
dead load; in this case, fi.DL is 14,850 psi (see maximum stress calculations 
above). Thus, maximum bit = 3860/../14,850 = 31.7 > 10, which is ok. 

Check shear stresses (AASHTO 10.38.5.2): 

VD = ! x 0.9 kif x 88 ft = 39.6 k 

VSD = ! x 0.287 kif x 88 ft = 12.6 k 

VL+f = 64.4 k (from Appendix A of the AASHTO code) x (1 + 0.235) 

x 0.636 x 0.9 = 45.5 k 
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~otal = 39.6 + 12.6 + 45.5 = 97.7 k 

l' __ 97.7 k . Fy 36 ksi 
Jr ------ = 4.34 kSI < - = -- = 12 ksi ok 

v 45 in. X 0.5 in. 3 3 

Check for intermediate stiffeners (AASHTO 10.34.4): 

Transverse intermediate stiffeners are not required if the web thickness is not 
less than D /150 andlv is less than the value given in AASHTO eqn. (10-25): 

where D = superimposed depth of the web plate between flanges, in. 
tw = web thickness, in. 
Fv = allowable shear stress, psi 

In this case, D /150 = 45/150 = 0.3 in. < 0.5 in., which is provided. Also, 

7.33 X 107 . 
Fv = (45/0.5)2 = 9049 pSI < 12,000 psi 

Iv = 4340 psi < 9049 psi 

Since both conditions are satisfied, no intermediate stiffeners are required. 

Shear connectors (AASHTO 10.38.2): 

To resist the horizontal shear at the interface between the slab and the steel 
girder, mechanical shear connectors must be provided (AASHTO 10.38.5.1). 
The shear connectors must be designed for fatigue and then checked for ultimate 
strength. 

Fatigue (AASHTO 10.38.5.1.1): 

The range of horizontal shear shall be computed by AASHTO eqn. (l0-57): 

where Sr = range of horizontal shear at the slab-girder interface at the point 
in the span under consideration, k/in. 

Vr = range of shear due to live loads and impact; at any section, the 
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range of shear is the difference in the minimum and maximum 
shear envelopes (excluding the dead load), kipS.6 

Q = statical moment about the neutral axis of the composite section 
of the transformed compressive concrete area, in. 3 

I = moment of inertia of the transformed composite girder, in. 4 

The allowable range of horizontal shear on an individual shear connector is 
given in AASHTO eqn. (10-59) for welded studs: 

where Zr = allowable range of horizontal shear, lb 
a = constant that depends on the number of cycles 
d = diameter of the stud, in. 

Once Sr and Zr are obtained, the required pitch of the shear connectors is de­
termined by dividing the allowable range of horizontal shear of all connectors 
at one transverse girder cross-section by the quantity Sr. 

To begin the analysis here, calculate the maximum and minimum values of the 
live load shear (including impact) at the following sections along the beam: 1) 
at the support, 2) at 0.25 the span length, and 3) at 0.50 the span length. It can 
be shown that the truck live loading controls over the lane live loading in this 
case. Note that the truck loads shown in Fig. B.l must be multiplied by the 
impact, distribution, and reduction factors, i.e., 

R = R x (1 + 0.235) x 0.636 x 0.9 

where R = axle load multiplied by all of the appropriate factors and R = 8 kips 
or 32 kips for the HS20-44 truck loading, which gives R = 5.7 k and R = 22.6 
k, respectively. 

1) At the support, the maximum shear Vrnax is obtained by arranging the loads 
on the span as follows: 

22.6' 22.6' 5.7' 

t14 "t 14'--j 
~-------------------------~,--------------------------~,t 

45.5' 5.4' 

6For information on fatigue, see Appendix A. 
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22.6" 

Summing moments results in the following: 

22.6 k x 88 ft + 22.6 k x 74 ft + 5.7 k x 60 ft 
Vmax = 88 ft = 45.5 k 

The minimum shear V min is obtained when the truck has passed over the 
bridge with only its last wheel at the support. Therefore, 

~ ~----------------------~'----------------------~ 
22.6" 

Vmin = 22.6 k x 88 ft - 22.6 k x 88 ft 

= 0 :. Vr = 45.5 - 0 = 45.5 k 

o 

2) At (0.25 x 88 ft) = 22 ft from the support, Vmax is obtained when the 
truck loads are arranged as shown below: 

22.6" 22.6" 5.7" t-» ~' 14' t 14'-i 
t 88' 

32.8" 18.1" 

22.6 k x 66 ft + 22.6 k x 52 ft + 5.7 k x 38 ft 
Vmax = 88 ft = 32.8 k 

For Vmin , the loads should be arranged as follows: 

22.6" 22.6" r8'T14'=l 
1 ... ,--------------) ---------88"-------------f~ 

37.5" 7.7" 

_ (22.6 k x 8 ft + 22.6 k x 22 ft) _ 
Vmin - - 88 ft - -7.7 k 

Vr = Vmax - Vmin = 32.8 - (-7.7) = 40.5 k 
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3) At (0.5 x 88 ft) = 44 ft, 

22.6k 22.6k 5.7k 

44' ~' 14' t 14'-1 

·r 88' 

20.0k 30.9k 

22.6 k x 44 ft + 22.6 k x 30 ft + 5.7 k x 16 ft 
Vmax = -(Vmin) = 88 ft 

= 20.0 k 

Vr = 20.0 - (-20.0) = 40.0 k 

The values of Vr along the span length are plotted below. 

45.5k 45.5k 

[ T T T J 
~22'-----l'I-'--22'---'~I'---22'--""'I+I'--22'~ 

Using ~-in.-diameter shear studs, the required connector spacing will be deter­
mined for both the first and second quarters of the beam span. 

Q 7 . 84 in. (49 . 3 5 . 35 6') 1104' 3 = m. X -9- X m. + . m. - . m. = m. 

I = 60,408 in.4 

For a stud subjected to over 2,000,000 cycles, a = 5500. 

For the first quarter of the beam span (0 - 22 ft): 

Zr = 5500 X (0.875)2 = 4211 lb 

If three studs are used per line, Zr = 3 X 4211 = 12,633 lb 

= 45.5 k X 1104 in.3 = 0.832 k/in. 
Sr 60,408 in. 4 

'red' 12.63 k 15 2 . 24 . k 
ReqUl spacmg = 0.832 k/in. = . m. < m. max. 0 
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For the second quarter of the beam span (22 - 44 ft): 

40.5 k 
Sr = 45.5 k x 0.832 k/in. = 0.741 k/in. 

. 12.63 k 
Required spacmg = / = 17.0 in. 

0.741 kin. 

If we use a spacing of 15 in. for the first quarter and a spacing of 17 in. for the 
second quarter, the total number of studs required for half of the beam length 
is 53 + 47 = 100. 

Ultimate strength (AASHTO 10.38.5.1.2): 

The number of shear connectors that were provided for fatigue must now be 
checked to ensure that the ultimate strength requirements are satisfied. The re­
quired number of shear connectors for ultimate strength shall be at least the 
value given in AASHTO eqn. (10-60): 

where NI = number of connectors required between points of maximum 
positive moment and adjacent end supports 

Su = ultimate strength of the shear connector, lb 

= 0.4d2 .Jf~Ec for welded studs (AASHTO eqn. (10-66» 
d = diaI11fter of stud, in. 

f~ = compressive strength of the concrete at 28 days, psi 
Ec = modulus of elasticity of the concrete, psi 

= W 3 / 2 33.J/'c (AASHTO eqn. (10-67» 
w = unit weight of the concrete, lb / ft3 
cf> = reduction factor = 0.85 
P = force in the slab = PI or P2 (whichever is smaller), lb 

PI = AsPy (AASHTO eqn. (10-61)) 
P2 == 0.85 nbts (AASHTO eqn. (10-62» 
As = total area of the steel including cover plates, in. 2 

Fy = specified minimum yield stress of the steel, psi 
b = effective flange width (AASHTO 10.38.3), in. 
ts = thickness of the concrete slab, in. 
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In this case, 

Ec = (145 pcf)3/2 x 33 x ../3500 psi = 3,409,000 psi 

Su = 0.4 x (0.875 in.)2 x ../3500 psi x 3,409,000 psi = 33,450 lb 

PI = 60.5 in.2 x 36,000 psi = 2,178,000 lb 

P2 = 0.85 x 3500 psi x 84 in. X 7 in. = 1,749,300 lb (governs) 

1,749,300 lb 
NI = 0.85 x 33,450 lb = 61.5 studs on half of the beam 

Since this number is smaller than the one obtained for fatigue, the number of 
studs required for fatigue governs. 

Bearing stiffeners (AASHTO 10.34.6): 

At the ends of the composite beam where it bears on supports, bearing stiffeners 
are required. Typically, the stiffeners are provided on both sides of the web 
plate and extend as close to the outer edges of the flange plate as possible. The 
bearing stiffeners are designed as columns; the connection of the stiffener to the 
web should be designed to transmit the entire reaction to the bearings. Both the 
allowable compressive stress and the bearing pressure should not exceed the 
values given in AASHTO 10.32. In general, the thickness of the bearing stif­
fener plate should not be less than the one given in AASHTO eqn. (10-34): 

where 

bl~ 
t = 12 ~33,000 

b' = width of the stiffener, in. 
Fy = specified minimum yield stress of the stiffener, psi 

In this case, if we use b I = 6 in., then the minimum thickness is 

6 in. 
t=--

12 in. 
36,000 psi O. 9 . 

33,000 = .52 10. Try 16 10. 

For stiffeners consisting of the two plates, the column section is taken as the 
two stiffener plates plus a centrally located strip of the web plate whose width 
is equal to not more than 18 times its thickness. The stiffener location and the 
column section are shown below. 
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Bearing 
stiffener (typ.) 

T 
l~~ 

1" 
2 

\--6" V 
~ (18 x ~") =4~" 

Section properties for the column section are as follows: 

f 
6" 

~ 
T 
r 

A = 9 in. x 0.5 in. + 2 x 6 in. x 0.56 in. = 11.25 in.2 

I = ~ x (0.56 in.) x (12.5 in.)3 = 91.6 in.4 
12 

91.6 in.4 = 285 . 
2 • m. 

11.25 in. 
r= 

KL 1.0 x 45 in. 

r 2.85 in. 
15.79 

1" 
2 

From AASHTO Table 1O.32.1A, the allowable compressive stress Fa for M270 
Gr 36 steel is (KL/r = 15.79 < Cc = 126.1) 

Fa = 16,980 - 0.53(15.79)2 = 16,848 psi 

Maximum end reaction is 97.7 kips. Therefore, maximum axial stress is 

97.7 k . 
fa = 25' 2 = 8.68 ksi < 16.85 kSI ok 

11. m. 

Check bearing of stiffener on bottom flange: 

Assume that the stiffeners are ground to fit with the comer clipped as shown. 
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The load per stiffener is 97.7 k/2 = 48.9 k. The bearing stress is then 

/p = 6' 54~.9 k (0 56 . = 19.4 ksi 
( In. - 1. In.) X • In.) 

From AASHTO Table 1O.32.1A, Fp = 0.8 Fy = 29 ksi > 19.4 ksi ok 

Connection of bearing stiffener to web: 

Assume kin. E70 weld. 

Fv = 0.27 Fu = 0.27 x 70 ksi = 18.9 ksi (AASHTO eqn. (10-12» 

For welds on both sides of the stiffener, the required weld length is 

48.9 k 
I = 2 X 0.707 X 0.3125 in. X 18.9 ksi = 5.86 in. 

Therefore, use two bearing stiffeners each end, -& X 6 X 2 ft, 11 in. 

Connection of flange plates to web (assume that the entire transformed section 
carries all the shear): 

Top flange: 

Q = (10 in. X 1 in.) X (48 in. - 0.5 in. - 35.6 in.) 

+ (7 in. X 9.33 in.) X (56 in. - 3.5 in. - 35.6 in.) 

= 119 + 1104 = 1223 in. 3 

I = 60,408 in.4 

= 97.7 k X 1223 in. 3 = 98 k/i 
q 08' 4 1. n. 60,4 In. 
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For a i-in. E70 weld on each side, 

Fw = 2 x 0.27 x 70 ksi x 0.707 x 0.375 in. 

= 10 k/in. > 1.98 k/in. ok 

Bottom flange: 

Q = (14 in. X 2 in.) x (35.6 in. - 1 in.) = 969 in.3 

q = 97.7 k x 969 in. 3 = 1.57 k/in. < 10 k/in. 
60,408 in.4 

Therefore, use i-in. continuous fillet weld on both the top and bottom flange. 

Diaphragms (AASHTO 10.20): 

When a girder which has its top flange continuously supported is subjected to 
wind loading, an additional stress is induced in its bottom flange. Diaphragms 
are to be provided along the length of the girder, and are to be spaced at inter­
vals such that the additional stress in the bottom flange due to the wind is kept 
to a minimum. The maximum induced stress F can be computed from AASHTO 
eqn. (10-5): 

where 

F = RFeb 

R = (0.2272L - II)Si 2 / 3 when no lateral bracing is provided 
R = (0.059L - 0.64)Si l / 2 when bottom lateral bracing is pro­

vided 
72Meb . 

Feb = -b2 ,pSI 
If 'J 

Meb = 0.08 WS~, ft-lb 
W = wind loading along the exterior flange, Ib / ft 
Sd = diaphragm spacing, ft 
L = span length, ft 
It = thickness of bottom flange, in. 

bf = width of bottom flange, in. 

In our case, assume a wind load of 50 psf and diaphragms spaced 22 ft, 0 in. 
o.c. Also, assume that no lateral bracing on the bottom is provided. 

( 48 in. 1) 
Meb = 0.08 x 50 psf X . / X - X (22 ft)2 = 3872 ft-lb 

12 m. ft 2 
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72 X 3872 ft-Ib . 
F = = 711 pSI 

cb 2 in. x (14 in.)2 

R = (0.2272 x 88 ft - 11)(22 ft)-2/3 = 1.15 

F = 1.15 x 711 psi = 818 psi 

The total stress on the bottom flange is then 17.16 ksi + 0.818 ksi 

= 18.0 ksi < 20 ksi ok 

It is important to note that the diaphragm depth should be at least one-half and 
preferably three-quarters of the girder depth. A W 24 x 55 diaphragm, spaced 
at 22 ft, 0 in. on center and positioned near the bottom flange of the girder, 
would be sufficient in this case. The diaphragms at the ends of the girder should 
be framed near the top flange, and should be sized to carry a live load moment 
(including impact) caused by the load of one wheel acting at its midspan. The 
factored load in this case would be 1.3 x 16 k = 20.8 k. 

20.8 k x 7 ft 
Max. M = 4 = 36.4 ft-k 

Use W 12 x 35. 

A minimum 3-in. fillet should be provided for these end members. 

Deflection (AASHTO 10.6): 

For the dead load: 

WD = 0.90 klf/12 in./ft = 0.075 k/in. 

L = 88 ft x 12 in. /ft = 1056 in. 

1 = 21,520 in.4 

.:l = 5wDL4 = 5 x 0.075 x (1056t = 1.95 in. 
D 384EI 384 x 21,520 x 29,000 

In order to follow the profile of the roadway, a large camber between the crown 
and the two supports may be needed. This distance and the dead load deflection 
will make up the total camber that must be provided for the beam. 

For the superimposed dead load: 

WSD= 0.287 klf/12 in./ft = 0.0239 k/in. 
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= 5 x 0.0239 X (1056)4 = 32 in 
tJ.SD 384 x 41,319 x 29,000 o. . 

For the live load: 

Conservatively assume that the load P = 6 + 32 + 32 = 72 kips acts at the 
midspan of the bridge. As noted previously, the stiff concrete deck and the 
diaphragms force the composite girders to deflect the same amount when sub­
jected to the superimposed dead and live loads. This was taken into consider­
ation in the above computations for the superimposed dead load deflection by 
using WSD = 1.72 klf/6 girders = 0.287 klf. For the live load, the load per 
girder can be obtained as follows: 

3 lanes x 72 k x (1 - 0.235) x 0.90 
6 ·rd = 40.0 k gl ers 

PL3 40.0 x (1056)3 . 
tJ.LL = 48EI = 48 x 29,000 x 60,408 = 0.56 lD. 

L 88 x 12 
Max. allowable tJ.LL = 800 = 800 = 1.32 in. > 0.56 in. ok 

Note that for composite girders, the ratio of the overall depth of the girder 
(concrete slab + steel girder) to the length of the span preferably should not be 
less than ~ (AASHTO 10.5). In our case, 

(7.5 + 1 + 48) 1.34 1.0 
88 x 12 = 25 > 25 ok 

Also, the ratio of the depth of the steel girder alone to the length of the span 
preferably should not be less than Jh: 

48 1.36 1.0 
88 x 12 = 30 > 30 OK 

Note that a steel girder depth of 88 x 12/30 == 35.5 in. would have resulted 
in a less stiff bridge. 
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Amplification factor, 163 
Anchor bolts, 303 
Angle of rotation. See Angle of twist 
Angle of twist, 324, 331, 350 
Arc welding, 231 
Axial compression, allowable stress, 147-149, 

153, 163, 474. See also Columns 

Base plates, 148, 178 
subject to moment, 302-305 

Beam-columns, 163 
em factor, 165 
interaction formulas, 164 

Beams, 39 
allowable stress, 39 

bending, 41, 45, 56, 58, 108, 123,474 
shear, 69, 108, 124, 474 

bearing plates, 80 
biaxial bending, 64, 164 
built-up, 107, 114, 123, 215 

compact section, 41, 56, 58 
composite. See Composite beams 
continuous, 60 

plastic design, 439, 446 
deflection, 84 

composite beams, 369, 396 
holes in, 72, 99 
lateral instability, 43 
lateral support, 42, 114 
plastic design method, 420, 423, 436, 439 
plastic hinge, 422, 427, 431, 439 
plastic modulus, 423 
plastic moment, 422, 427, 431, 439, 446, 

447 
plastic neutral axis, 423 
plate girder. See Plate girder 
principal axes, 64 
section modulus, 40 
shape factor, 423, 438 
shear, 68 
shear center, 64, 324, 345 
shear stress, 68, 108, 487 
splices, 311,473 
torsion. See Torsion 
typical types, 39 
web crippling, 75, 81 
web tearout. See Block shear 
web yielding, 75,81 

Bearing length, 81 
Bearing plates, 80 
Bearing stiffeners, 77, 112, 124,475,493 
Bearing stresses, 80 

allowable, 81, 179, 221,474 
Bearing-type connections, 187, 189,473 
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Biaxial bending, 64, 164 
Block shear, 219-222 
Bolted connections, 187 

concentrically loaded, 189, 474 
eccentrically loaded, 196 

subject to shear and tension, 208, 475 
subject to shear and torsion, 196 
ultimate strength methods, 198, 199, 266 

failure modes, 189, 190 
framed-beam, 222, 223, 283 
types, 187 

Bolts, 29, 97, 473 
allowable shear stress, 187, 190, 474 
allowable tensile stress, 187, 188 
bearing-type connections, 187 
combined shear and tension, 208, 475 
combined shear and torsion, 196 
failure modes, 189, 190 
high-strength, 187, 473 
in combination with welds, 187,238 
pretension force, 209 
slip-critical type, 187, 473 
unfinished, 187,473 

Braced frames, 148, 165 
Bracing, 42, 160 
Bredt's formula, 350 
Buckling, 41, 136, 139 
Built-up beams, 107, 114, 123, 215 
Built-up members, 29, 106, 161,215 

Chain of holes, 4 
Column base plates, see Base plates 
Columns, 136, 153 

allowable stress, 147-149, 153, 163,474 
effective length, 143, 153 
effective length factor, 144-148, 153, 157, 

165 
Euler's column, 143, 145 
Euler curve, 140, 149 
Euler load, 138 
Euler stress, 138, 163, 165 
slenderness ratio, 139, 147,472 
SSRC curve, 140, 149 
stiffeners, 282, 284-286 

Combined bending and axial load, see Beam­
columns 

Combined stress, 162, 176,302,475 
bolts, 196, 208, 475 
welds, 257, 263 

Compact section, 41, 56, 58 

Composite beams, 363, 475 
advantages, 363 
bridge stringer, 475, 483-485 
cover plates, 363, 392 
deflections, 369, 396 
design tables, 399 
effective moment of inertia, 384 
effective section modulus, 384 
effective width of concrete, 365, 387, 476, 

484 
encased beam, 363, 377 
service load stresses, 369, 370 
shear connectors, 363, 365, 377-379, 386, 

476, 488-493 
shored construction, 369, 396 
transformed section properties, 369, 384 
unshored construction, 369, 396, 482 

Connections, 186, 222, 274, 446, 459 
angles, 223 
beam splices, 311, 473 
beam-column, 274 

end plate, 283 
moment resisting, 282 
rigid, 274, 282 
semi-rigid, 274, 282 
single shear plate, 277 
single tee, 279 

bearing type, 187, 189, 473 
bolted. See Bolted connections 
column bases. See Base plates 
construction types 

rigid frame (Type 1),274 
semi-rigid frame (Type 3), 274 
simple frame (Type 2), 274 

framed-beam, 222, 283 
hanger type, 317 
moment resisting, 282 
N or X type, 187, 189,473 
slip-critical type, 187, 189,473 
special, 274 
stress reversals, 187,475 
subject to combined stress. See Combined 

stress 
ultimate strength methods, 199, 266 
welded, 97, 231, 474 

Connectors, shear. See Composite beams 
Continuous beams. See Beams, continuous 
Cover plates, 93, 97, 99, 446, 473 

connectors for, 97-99 
cut-off point, 99, 392 



Creep, 475, 484 
Critical load, 136, 143 

Dead load, xxviii, xxix, xxxii, 369 
Deflections, 64, 84 

bridge stringers, 472, 497, 498 
composite beams, 369, 396 
floor beams and girders, 84 
roof purlins, 84 

Diaphragms, 473, 486, 496 
Distribution factor, 476, 486 
Ductility, xxvii 

Earthquake loads, xxviii, xxxii 
Eccentric loads 

on bolted connections, 196,208,475 
on welded connections, 257, 263 

Effective area of concrete, 368 
Effective length, xxxii, 143, 153 
Effective length factor, 144-148, 153, 157, 

165 
Effective net area, 1,8, \3, 19,472 
Effective moment of inertia, 384 
Effective section modulus, 384 
Effective width, concrete slab, 365, 387, 476, 

484 
Encased beams, 363, 377 
Euler theory. See Columns 
Eyebars, 25 

Factor of safety, xxx, 420, 438 
Fasteners, 1,20,97,223,473. See also 

Connections 
for eccentric loads, 196, 223, 257 
for horizontal shear, 215 

Fatigue, 34, 99, 459, 460 
failure, 459 
load, 99, 476 

Fillet welds. See Welds, types 
Fireproofing, xxviii 
Flange area method, 107 
Formed steel deck, 385-388 
Fracture, 13, 459 
Framing angles, 223 

Gage,4,19 
Girder, 39. See also Plate girder 
Gross area, I, 13, 23 

Highway bridge design, 471, 481 
Highway live loads, 476-482 

High-strength bolts. See Bolts 
Holes, 4 

chain, 4 
diameter, 19 
effect on beams, 72, 99 

Hybrid beams, 60, 112, 123 

Impact, 476, 486 
Inspection of welds, 233 
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Interaction formulas. See Beam-columns 
Intermediate connectors, 160 
Intermittent welds, 29, 236, 246 

Joists, 39, 124 

Lacing members. See Tie plates 
Lap joint, 236 
Lateral bracing. See Bracing and also Lateral 

support 
Lateral instability, 43 
Lateral support, 42, 114 
Length, effective. See Effective length 
Length, unsupported. See Unsupported length 
Lintel,39 
Live loads, xxix, 369 
Load cycles, 459 
Load factors, 420, 438 
Loads, xxviii 

concentrated, 75 
critical. See Critical load 
dead, xxviii, xxix, xxxii. See also Dead 

load 
earthquake (seismic), xxviii, xxxii 
highway, 476-482 
impact, 476, 486 
live, xxviii, xxix, xxxii. See also Live load 
snow, xxviii 
transverse, 39, 42 
wind, xxviii, xxxii 

Manual of Steel Construction, Allowable 
Stress Design, xxxi 

Membrane analogy, 358 
Modular ratio, 368 
Modulus 

elasticity, 23, 367 
concrete, 367, 368 
shear, 325 

plastic, 423 
section, 40 
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Moment of inertia, 40, 84, 93 
effective. See Composite beams 
polar, 325 
transformed. See Composite beams 

Moment of inertia method, 168 
Moment, redistribution of, 60, 275 

Net area, 2, 6, 19, 25, 220, 472 
effective. See Effective net area 
stagger on, 4 

Net width, 2 
Neutral axis, plastic, 423 
Noncompact members, 45, 57, 59 

Open web steel joist, 134 

Parapet, bridge, 481 
Pin-connected members, 13, 25 
Pitch,4, 19 
Plastic design, 420, 423, 438 
Plastic hinge, 422, 427, 431, 439 
Plastic moment, 422, 427, 431, 439, 446 
Plastic neutral axis, 423 
Plastic section modulus, 423 
Plate girder, 107, 123, 475 

allowable bending stress, 123 
allowable shear stress, 124 
stiffeners, 123 
tension field action, 124 
web slenderness ratio, 123 

Plug welds, 236 
Poissons ratio, 325 
Polar moment of inertia, 325 
Product of inertia, 64 
Prying force, 317 
Purlin, 107 

Radius of gyration, 23, 138 
Redistribution of moments, 428 
Reduction factor (multiple loaded lanes), 476, 

486 
Repeated loads. See Fatigue 
Repetitive loading, 471 
Residual stress, 139 
Rivets, 29, 97, 186,473 
Safety factor. See Factor of safety 
Section modulus, 40 

composite beam, 369 
effective, 384 

plastic, 423 
transformed, 369, 384 

Shape factor, 423, 438 
Shear, 67 

beams, 68 
bolted joints, 187 
center, 64, 324, 345 
connectors. See Composite beams 
flow, 97, 215, 335 
force, 68 
horizontal, 97 
modulus, 325 
stress, 68, 108, 487 
with torsion, 324, 331, 358 

Shear lag principle, 1 
Shored construction, 369, 396 
Shoring, 364, 369 
Single shear plate connection, 277 
Single tee connection, 279, 280 
Slenderness ratio 

compression, 139, 147, 153,472 
effective, 149 
tension, 23, 30, 472 
web,29, 107, 123 

Slot weld, 236 
Splices, 311, 473 
Stagger of holes, 4 
Stainless steel, 25 
Stiffeners 

bearing, 77, 112, 124, 475, 493 
column, 282, 284-286 
intermediate, 108-112, 123,475,488 

Strain, 23 
Stress categories, 459, 472 
Stress cycles, 471 
Stress range, 459, 472 
Stress reversal, 34, 187 
Stress-strain relationship, xxvii, 420 
Structural Stability Research Council (SSRC), 

140, 149 
Structural steel 

advantages, xxviii 
grades, xxxii 

St. Venant torsion, 324 

Tension field action, 108, 124 
Tension members, 1 

allowable stress, 12, 14,25, 177,220,473 
effective net area, 1,8,13,19,472 
netarea,2,6,19,25,220,472 



reduction coefficient for (U), 8, 19 
single angle, 10,72 
slenderness ratio, 23 

Termination zone, 99 
Theoretical cut-off point, 99, 392 
Threaded rods, 14 
Throat, weld, 232, 234 
Tie plates, 30 
Torque, 324 
Torsion, 324 

angle of twist, 324, 331, 350 
of axisymmetric members, 324 
of closed sections, 350 
of open sections, 335 
of solid rectangular sections, 330 
St. Venant, 324 

Toughness considerations, 471 
Transformed section properties. See 

Composite beams 

U (reduction coefficient), 8, 19 
Ultimate stress, xxv, xxxi, 12 
Unbraced frames, 148, 165 
Unbraced length. See Unsupported length 
Unshored construction, 369, 396,482 
Unsupported length, 43, 108, 153 

Virtual displacement, 431, 439 
Virtual work, 431, 439 

Warping, 324, 330 
Web crippling, 75, 81 

Web tearout. See Block shear 
Web yielding, 75, 81 
Welds, 97 

allowable stress, 234, 474 
capacity, 238 

INDEX 503 

combined shear and bending, 257, 263 
combined shear and torsion, 257 
effective and required dimensions, 234 
in combination with bolts, 187,238 
inspection, 233 
intermittent, 29, 236, 246 
length, 238 
longitudinal, 8, 9 
reinforcement, 232 
returns, 236, 238 
size, 231, 236 
strength, 99, 238 
subject to repeated stresses, 255 
symbols, 231 
throat, 232, 234 
transverse, 8, 10 
types, 231 
ultimate strength method, 266 

Width, net, 6 
Width-thickness ratio 

beams, 57, 108 
intermediate stiffeners, 112 
plastic design, 446 

Wind load, xxviii, xxxii 

Yield stress, xxv, xxxi, 12,420 
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