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Preface

Even if it is an important topic in geotechnical engineering, embankments on soft or
very soft soils have been the subject of few books and, to my knowledge, none recently
published. This book “Design and Performance of embankments on Very Soft Soils’’
is thus very welcome.

The authors, Márcio Almeida and Esther Marques, have a long experience with soft
soils and embankments. Indeed both did their Ph.D. on related topics. They also have
an excellent knowledge of advanced soil mechanics and of new technologies for both
characterizing soft soil deposits and solving settlement or stability problems, as well as
field monitoring and interpretation. The book reflects this state-of-the-art knowledge.
Soils are described using modern concepts of yielding and yield curves; sampling quality
is considered; the use and interpretation of DMT, T-bar and piezocone soundings are
described. Technologies for reducing and/or accelerating settlements and for improving
stability are also described. In particular, emphasis is put on “embankments on pile-
like elements’’ and on “vacuum preloading’’ with which the authors have very good
experience.

With this book in English, in addition to the general technical aspects previously
mentioned, Professors Márcio Almeida and Esther Marques offer the geotechnical
community the remarkable and unique Brazilian experience with embankments on
very soft organic soils. Very nice contribution!

Serge Leroueil,
July 2013
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n slope inclination
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re unit cell radius – m
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Vh estimated volume of soil mass dislocated calculated from measured

horizontal displacements – m3
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XT distance between the foot of the slope and the point where the
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(Chapter 4 and 5) – m
z depth of the inclinometer reading (Chapter 8) – m
zclay depth of the rupture surface within the clay layer (wedge method) – m
zclay depth of the sample (Chapter 2) – m
zcrack depth at which the crack develops in the embankment – m
�rc variation of the column radius – m
�rgeo variation of the geosynthetic radius – m
α area ratio of cone tip (= An/At)
θ inclination angle of the inclinometer tube (Chapter 8) – ◦
θ rotation angle measured by the vane test (Chapter 3) – ◦
θmax rotation angle measured by vane test regarding maximum torque

(Chapter 3) – ◦
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� dimensionless critical state parameters (= 1 − Cs/Cc)
φ diameter of the Shelby tube (Chapter 2) – m
φsample diameter of the sample – m

MATERIAL PARAMETERS

av soil compressibility index – m2/kN
Bq piezocone parameter for soil classification
c cohesion – kN/m2

c′ effective cohesion – kN/m2

c′
c effective cohesion of the column of the granular material – kN/m2

c′
s cohesion of the soil around granular column for drained condition – kN/m2
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CR compression ratio
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Cα coefficient of secondary compression
E modulus of elasticity or Young modulus – kN/m2
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IP plasticity index
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Introduction

This book aims to provide the engineering student and professional with the tools nec-
essary to understand the behavior of embankments on very soft soils. All the necessary
information on how to design such earth works is provided from site investigation to
monitoring and performance.

The book is based on the wide experience accumulated in the last 60 years on the
design and performance of earth works on very soft to extremely soft soils in Brazil,
i.e., clay soils with blows counts measured in the standard penetration test NSPT lower
than 2. Urban settlement in Brazil took place mainly along the Brazilian coast where
thick deposits of compressible soils, generally of marine and fluvial origin are found.
Examples of such deposits in Southeast Brazil are the Fluminense Plains (Pacheco Silva,
1953; Almeida and Marques, 2003), Santos Plains (Massad, 2009; Pinto, 1994), the
city of Recife in Northeast Brazil (Coutinho and Oliveira, 2000; Coutinho, 2007) and
in South coastal areas (Dias and Moraes, 1998; Schnaid, Nacci and Militittsky, 2001;
Magnani et al. 2009). Because of the extensive river system in Brazil, alluvial deposits
of large thickness compressible soils also occur inland.

Chapter 1 describes the techniques used for the construction of embankments on
soft soils from the most traditional to the most recent ones, comparing advantages,
disadvantages and applicability of each technique.

Chapter 2 deals with in situ and laboratory tests used for the geotechnical site inves-
tigations necessary for the development of the geomechanical models to be used in
calculations and design.

Chapter 3 presents initially, for background reference, the Cam-clay model and
then describes the geotechnical properties of very soft clays illustrated by the case of a
well-studied soft clay deposit in Brazil.

The theories and methods used in design are described in Chapters 4 to 7, the core of
this book. Chapter 4 presents the methods used for calculating settlements and to esti-
mate lateral displacements caused by embankment construction. The use of drains and
surcharge to accelerate the settlements are described in Chapter 5. Chapter 6 discusses
methods used for the stability analysis of unreinforced and reinforced embankments
on soft soils. The theories and calculation methods used to design embankments on
pile-like elements, i.e. piled embankments and embankments on granular piles, are
described in Chapter 7.
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The overall process of monitoring the performance of embankments on soft soils is
described in Chapter 8 in which the more widely used instruments and interpretation
methods are discussed. Monitoring is quite important as it ensures construction safety
and checking of design assumptions.

Geotechnical properties of some important Brazilian soft soils are presented in the
Appendix.



Chapter 1

Construction methods of embankments
on soft soils

The most appropriate construction method to be used in a given project is associated
with factors such as geotechnical characteristics of deposits, use of the area, construc-
tion deadlines and costs involved. Figure 1.1 presents some construction methods of
embankments on soft soils. Some methods contemplate settlement control and oth-
ers stability control, but most methods contemplate both issues. In the case of very
soft soils, it is common to use geosynthetic reinforcement associated with most of the
alternatives presented in Figure 1.1.

Time constraints may render inadequate techniques such as conventional embank-
ments (Figure 1.1A,B,C,D,M) or embankments over vertical drains (Figure 1.1K,L),
favoring embankments on pile-like elements (Figure 1.1F,G,H) or lightweight fills
(Figure 1.1E), which, however, may have higher costs. Removal of soft soil can be
used when the layer is not very thick (Figure 1.1I,J) and the transport distances are not
considerable. In urban areas, it is difficult to find areas for the disposal of excavated
material, considering the environmental issue associated with this disposal.

Space constraints can also prevent the use of berms (Figure 1.1B), particularly
in the case of urban areas. The geometry of the embankments and the geotechnical
characteristics are highly variable factors and the construction methodology must be
analyzed case by case.

1.1 REPLACEMENT OF SOFT SOILS AND DISPLACEMENT FILLS

1.1.1 Replacement of soft soils

Replacement of soft soils is the partial or total removal (Figure 1.1I,J) of these soils
using draglines or excavators or the direct placement of landfill to replace the soft soil.
This construction method, generally used in deposits with compressible soil thicknesses
of up to 4 m, has the advantage of reducing or eliminating settlements and increasing
the safety factor against failure. Initially, a working platform is set up to level the
terrain, just to allow the access of equipment (Figure 1.2A,B), right after the dredger
starts excavating the soft soil, followed by the filling of the excavated space with fill
material (Figure 1.2C,D).

Due to the very low support capacity of the top clay layers, these steps must be
performed very carefully, and the equipment should be light. For very soft soils, it is
noted that service roads suffer continuous settlements, as a result of the overload of



Figure 1.1 Construction methods of embankments on soft soils (adapted from Leroueil, 1997).
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Figure 1.2 Execution schedule for soft soil replacement: (A) and (B) excavation and removal of soft
soil; (C) and (D) filling of the hole; (E) replaced soil (final condition).

equipment traffic. Shortly after, the hole is completely filled with fill material (Figure
1.2E), then, it is necessary to verify the thicknesses of the remaining soft clay through
boreholes.

1.1.2 Displacement fills

The displacement of soft soils can be accomplished with the embankment’s own weight.
This technique is called displacement fill, which is the advancement of the frontal part
of the embankment, which should be higher than the designed embankment. This
will push and expel part of the soft soil layer, causing its rupture and leaving the
embedded fill in its place (Zayen et al., 2003). The expulsion is facilitated by the
lateral and frontal release of the tip fill, as shown schematically in Figure 1.3. This
construction method can be used on the periphery of the area of interest by confining
the internal area, allowing the embankment in this area to be constructed with a greater
thicknesses.

The thickness of the remaining soft soil must be evaluated through boreholes
carried out after the excavation. If there is any remaining soft soil with thickness
greater than the desirable, a temporary surcharge shall be applied to eliminate post
construction settlements.

One disadvantage of the replacement and displacement methods is the difficulty in
quality control, because there is no guarantee that soft material will be removed evenly,
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Figure 1.3 Execution methodology of displacement fill at periphery: (A) plan; (B) cross section (Zayen
et al., 2003).

which may cause differential settlements. Another disadvantage is associated with high
volumes of disposed material and the difficulty of disposal, mainly in urban areas, as
it is a material that cannot be reused and in certain cases may even be contaminated.

Working platform

Working platforms, shown in Figure 1.4, are constructed to allow the access of heavy
equipment in general for vertical drains installation and pile driving in case of piled
embankments for instance. In some cases, the strength of the upper layer is so low
that it is necessary to use constructive geotextiles reinforcement, with tensile strength
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Figure 1.4 Construction of a working platform and vertical drain installation.

between 30 kN/m and 80 kN/m to minimize the loss of fill material (Almeida et al.,
2008c).

1.2 CONVENTIONAL EMBANKMENT WITH
TEMPORARY SURCHARGE

A conventional embankment is one constructed without any specific settlement or
stability control devices. The conventional embankment may be constructed with
temporary surcharge (Figure 1.1M), whose function is to speed up the primary settle-
ments and offset all or part of the secondary settlements caused by viscous phenomena
not related to the dissipation of pore pressures. The temporary surcharge method is
discussed in Chapter 5.

One disadvantage of this construction method is the long time necessary for settle-
ment stabilization in low permeability very soft deposits. Therefore, one must assess
the evolution of post construction settlements so that the necessary maintenance is
planed.

Another disadvantage of using surcharge is the large amount of related earthworks
associated. When the estimated settlements are reached, the temporary surcharge is
removed and the removed material can be used as fill in another location, as described
in detail in Chapter 5.
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1.3 EMBANKMENTS BUILT IN STAGES, EMBANKMENTS WITH
LATERAL BERMS AND REINFORCED EMBANKMENTS

When the undrained strength of the upper layers of soft deposit is very low, one should
consider the reduction of the embankment height (Figure 1.1D). However, this reduc-
tion may not be feasible, due to requirements regarding either regional flood levels, or
the geometric project of the road. In such cases, due to the low safety factor against
failure, the construction of the embankment (with surcharge) may not be possible in
a single stage.

The construction of the embankment in stages (Figure 1.1C), which allows the
gradual gain of clay strength over time, is then a construction alternative. Stability
must be verified for each stage, and for this evaluation, it is necessary to monitor the
overall performance by means of geotechnical instrumentation and in situ tests for the
necessary adjustments to the project. The increase of the clay undrained strength pre-
viously estimated in the design phase should then be verified through vane tests carried
out before performing each construction stage. Construction in stages is discussed in
Chapters 4 and 6.

The use of equilibrium berms (Figure 1.1B) is another solution that can be adopted
to increase the safety factor (Fs) regarding failure. When there are restrictions as to
the length of berms, or to reduce the amount of earthworks, a basal reinforcement
(e.g., Magnani et al., 2009, 2010) may be installed (Figure 1.1A) with the goal of
increasing the Fs and better distributing stresses. These two solutions to increase the Fs

are addressed in the Chapter 6. The geosynthetic reinforcement must be installed after
the installation of the vertical drains to avoid mechanical damage to the reinforcement.

1.4 EMBANKMENT ON VERTICAL DRAINS

The early vertical drains used were sand drains, which were subsequently replaced by
Prefabricated vertical drains, (PVDs). The PVDs consist of a plastic core with channel-
shaped grooves, encased in a low weight nonwoven geosynthetic filter, as shown in
Figure 1.5A.

The drainage blanket of embankments over PVDs, is initially constructed, which
also functions as a working platform (Figure 1.4), followed by the PVD installation
and the construction of the embankment. In the driving process, the PVD is attached
to a driving footing, which ensures that the end of the PVD is well fixed at the bottom
of the layer, when the mandrel is removed (Figure 1.5B). In general, PVDs are used
in association with temporary surcharge. The installation of the PVDs is carried out
using driving equipment with great productivity – about 2km per day, depending on
the stratigraphy – if compared to the necessary operations to install sand drains, with
important financial impacts. The experience in the west part of Rio de Janeiro has an
average productivity of 1km to 2km long of PVDs installed per day, for local conditions
(Sandroni, 2006b).

Vacuum preloading (Figure 1.1 K) consists of the concomitant use of surcharge
techniques (Figure 1.1 M) and drains (Figure 1.1L), i.e. a system of vertical (and
horizontal) drains is installed and vacuum is applied, which has a preloading effect
(hydrostatic). The use of PVDs and vacuum preloading are addressed in Chapter 5.
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Figure 1.5 Scheme of an embankment on PVDs: (A) schematic cross section with equilibrium berms;
(B) detail of the anchoring mandrel and footing of PVD; (C) detail of the driving mandrel
and anchoring tube of PVDs.

1.5 LIGHTWEIGHT FILLS

The magnitude of primary settlements of the embankments on layers of soft soils is
a function of increased vertical stress caused by the embankment built on the soft
soil layer. Therefore, the use of lightweight materials in the embankment reduces the
magnitude of these settlements. This technique, known as lightweight fill (Fig 1.1E),
has the additional advantage of improving stability conditions of these embankments,
also allowing for faster execution of the work and lessening differential settlements.

In Table 1.1 specific weights of certain materials are presented. These materials
introduce voids into the embankments and are considered lightweight materials, such
as, for example, expanded polystyrene (EPS), concrete pipes/galleries, etc.

Among the listed materials, EPS has been the most used (van Dorp, 1996), because
when compared to other materials, it has a smaller specific weight (0.15 to 0.30 kN/m3)
and combines high resistance (70 to 250 kPa) with low compressibility (elastic modulus
of 1 to 11 MPa). There are EPS with different weights and, strength, and when choos-
ing an EPS, one must take into account the use of the embankment and the mobile
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Table 1.1 Specific weights of lightweight materials for embankments.

Specific weight
Material (kN/m3)

Expanded polystyrene – EPS 0.15 to 0.30
(foam or similar)

Concrete pipes (diameter: 1 m to 1.5 m; 2 to 4
wall thickness: 6 to 10 cm)

Shredded tires 4 to 6
Expanded clay 5 to 10
Sawdust 8 to 10

Figure 1.6 Use of EPS on embankments on soft soils: (A) cross section of an embankment built with
EPS; (B) detail of the construction of an EPS embankment (Lima and Almeida, 2009).

loads. Figure 1.6 gives an example of lightweight fill, where the EPS core is surrounded
with actual fill material with greater weight. In addition to the embankment, a pro-
tective concrete layer may be built, i.e. a slab approximately 10 cm to 15 cm thick on
the lightweight fill, to redistribute stresses on the EPS, avoiding the punching of this
material, caused mainly by vehicular traffic. Considering the load of the surrounding
embankment and slab, preloading of the soft soil shall be done, with the use of verti-
cal drains (usually partially penetrating) during the necessary period. The EPS may be
sensitive to the action of organic solvents, thus it must be protected by a waterproofing
cover insensitive to these liquids, as indicated in Figure 1.6A.

The thickness hemb indicated in Figure 1.6 depends on the applied loads, i.e. the
use of the area. On low traffic and low load sites, this thickness will be smaller than
in high traffic areas.

If the area of the embankment with EPS is subject to flooding, the EPS may float,
compromising the stability and overall behavior of the embankment. In this case, the
EPS base should be installed above the maximum predicted water level.

The lightweight embankment with EPS may have several formats, depending on its
usage, with typical block dimensions of 4.00 × 1.25 × 1.00 m, but it is possible to use
blocks with different dimensions according to the demands of each project, or it is even
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possible to specifically cut the blocks on the worksite (Figure 1.6B). The high cost of
EPS may render their implementation unsuitable in areas distant from the EPS factory,
due to the cost of transporting large volumes of EPS required for the embankments.

1.6 EMBANKMENTS ON PILE-LIKE ELEMENTS

Embankments on pile-like elements (Figure 1.1F,G,H) are those in which all or part
of the load of the embankment is transmitted to the more competent foundation soil,
underlying the soft deposit and will be addressed in Chapter 7.

Embankments can be supported on piles or columns made of different materials.
The stress distribution from the embankment to the piles or columns is done by means
of a platform with caps, geogrids or slabs. Embankments on pile-like elements mini-
mizes or even – depending on the adopted solution – eliminates settlements, in addition
to improving the stability of embankment. One advantage of this construction method
is reducing the construction schedule of the embankment, since its construction may
be done in one stage, in a relatively short period.

The treatment of soft soil with granular columns (Figure 1.1F), in addition to
producing less horizontal and vertical displacements when compared to conventional
embankments or embankments on drains, also dissipates pore pressures through radial
drainage, which speeds up the settlements and increases shear resistance of the foun-
dation soil mass. The encasement of these columns using tubular geosynthetics with
high modulus maximizes their performance.

Piled embankment (Figure 1.1H) uses the arching effect (Terzaghi, 1943), therefore
allowing the stresses of the embankment to be distributed to the piles. The efficiency
of the arching increases as the height of the embankment increases, consequently dis-
tributing the load to the caps and the piles (Hewlett and Randolph, 1988). Currently,
geogrids are used on the caps to increase the spacing between piles.

1.7 CONSTRUCTION METHODOLOGIES FOR HARBOR WORKS

Soft soil deposits are common in harbor works, which are usually located in coastal
areas, because of the amount of sediments that occur over thousands of years, or
even recent sediment deposits, due to anthropogenic activities. In Brazil, examples of
such areas are, among others, ports of Santos (Ramos and Niyama, 1994), Sepetiba
(Almeida et al., 1999), Itaguaí (Marques et al., 2008), Suape (Oliveira, 2006), Itajaí-
Navegantes (Marques and Lacerda, 2004), Natal (Mello, Schnaid and Gaspari, 2002),
Rio Grande (Dias, 2001), and also in port areas in the Amazon region (Alencar Jr. et al.,
2001; Marques, Oliveira and Souza, 2008).

Harbor works (Mason, 1982) consist essentially of an anchoring dock with a yard
for holding containers in general. Figure 1.7 shows possible construction schemes for
port works (Mason, 1982; Tschebotarioff, 1973). The quay is usually a structure
supported by piles, which can either have an associated retaining structure or not.
Examples of quays with frontal retaining structures are indicated in Figure 1.7A,B,C.
The case shown in Figure 1.7A includes a relief platform. This procedure has the
advantage of decreasing the active pressures on the retaining structure. In the case
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Figure 1.7 Details of geotechnical solutions in port areas.

shown in Figure 1.7 B, the retaining structure is supported by a system of two inclined
piles, one being compressed and the other being tensioned. In Figure 1.7C, the retaining
structure is supported by inclined piles working in tension. The compression stresses
are then transmitted to the retaining structure.

In modern harbor works, which handle large vessels (the current dredging require-
ments reach depths of about 20 m), the retaining structures must reach great depths,
so as to have the appropriate depth of embedment, in particular in the case of very
thick compressible layers. Consequently, the previously described retaining structures
have high costs, and alternatives have been proposed as indicated in Figure 1.7D,E.
In the case shown in Figure 1.7D, the quay was expanded, and in the case of
Figure 1.7E, a relief platform was used.

Figure 1.7F is a variant of Figure 1.7E and consists of an embankment, traditionally
constructed with rock-fill, on the interface with the yard. An alternative to the rock-fill
is the use of geotextile tubes filled with granular material or with soil cement.

Stability and settlement analysis should be carried out, regardless of the option
adopted among the cases described here, and potential critical failure surfaces are
shown in Figure 1.7A,D,E. In harbor works, the typical container surcharge is in the



Figure 1.8 Detail of the methodology for disposal of confined sediment.
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order of 50 to 80 kPa, and the magnitude of the allowed post construction settlements
will depend on technical and operational factors.

In general, harbor works require dredging thick layers of sediment. In these cases,
it is common that the superficial layers present such a contamination level, that envi-
ronmental agencies will not allow the disposal into water bodies. The alternative has
been to dispose the sediments on land and on the harbor work site or offshore. One
solution is the disposal of these dredged sediments in geotextile tubes (Leshchinsky
et al., 1996; Pilarczyk, 2000), which allow the dehydration of the sediment. Also, by
means of physical-chemical processes, the contaminant gets attached to the sediment
and the dried fluid is then disposed of under environmentally controlled conditions.

Figure 1.8 presents a constructive scheme adopted for the disposal of such contam-
inated sediments in confined areas on land, which has 4 phases with 12 constructive
steps explained in the figure. In some cases, the geosynthetic tubes are stacked in two
or three layers. Once the landfill is completed, it can then be used as a storage area.

1.8 FINAL REMARKS

The planned use of the area has an important influence on the most appropriate con-
structive technique of embankment on soft clay. For example, on embankments of port
yards, the owner may accept post construction settlements and prefer to make periodic

Chart 1.1 Summary of construction methodologies and their characteristics.

Construction methodologies Characteristics

Total or partial removal of
soft layer

Effective, fast, high environmental impact; boreholes are necessary
for measuring the quantity of removed/remaining soil

Soil expulsion with controlled
rupture (displacement fill)

Used for deposits of small thickness and very dependent on local
experience; boreholes are necessary to gauge the thickness of the
removed/remaining soil

Conventional embankment Stabilization of settlements is slow

Construction in stages Used, in most cases, with vertical drains; it is necessary to
monitor the clay strength gain; it is not favorable for
short deadlines

Vertical drains and surcharge Used to accelerate settlements, large accumulated experience.
Temporary surcharge may minimize or surpress secondary
settlements

Berms and/or reinforcement Frequently adopted; it is necessary to assess whether the tensile
strength of the reinforcement is actually mobilized in situ

Use of lightweight materials Ideal for tight deadlines; relatively high costs; its use has increased

Embankments on piles with
geogrid platform

Ideal for tight deadlines; various layouts and materials can
be used

Granular columns
(granular piles)

Granular columns that may or may not be encased with geotextile;
settlements are accelerated due to the draining nature of
granular columns; geogrids are sometimes installed above the
granular columns

Vacuum preloading Can partially substitute the need for surcharge with fill material;
horizontal strains are much smaller than those of conventional
surcharge
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maintenance on the embankment, rather than investing initially on the stabilization of
the settlements. However, for real estate, post construction settlements are inaccept-
able, since the constructor will not return to the site. On highways, settlements on
bridge approaches reduce the comfort and safety of users, and on railroads, the post
construction settlements should be small to minimize high maintenance costs, mainly
related to the disruption of traffic. In the case of high-speed trains, for example, post
construction settlements should be null.

Chart 1.1 summarizes the constructive methodologies presented in this chapter
and their main features. For very soft soils it is common to use several construction
techniques in parallel. For example, in the southeastern region of Brazil, particularly
in the port of Santos area and in the West zone of Rio de Janeiro, in some cases, the
choice has been to adopt reinforced embankments constructed in stages on vertical
drains with berms and surcharge (Almeida et al., 2008c).

The decision for one executive methodology in detriment to another is a function
of the geotechnical characteristics of the deposits, the use of the area (including the
neighborhood), construction deadlines and the costs involved.
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Chapter 2

Site investigation

The first stage of geotechnical work involves the planning and execution of a site
investigation. Planning begins with the initial recognition of the deposit by means of
geological and pedological maps, aerial photos and collection of data from previous
investigations conducted in areas nearby. The next stages involve the execution of
preliminary and complementary investigations. Preliminary investigations aim mainly
at determining the stratigraphy of the area, and during this stage, borings are carried
out. Geophysical methods are suitable tools for the evaluation of stratigraphic profiles
of large areas, but they are still not used very often in soft soil investigation. At a
later stage, laboratory and field investigations are carried out. The goal is to define the
geotechnical parameters and the geomechanical model of the soft soil deposit, with
the aim of obtaining stability and settlement calculations. The stratigraphic profile can
also be obtained in this stage by means of piezocone tests.

2.1 PRELIMINARY INVESTIGATIONS

2.1.1 Borings

The preliminary investigation is the first step of the investigation itself. It consists
essentially of percussion borings performed to define soil types and to estimate the
thicknesses of soil layers and geological-geotechnical profiles. In very soft to soft soils,
the number of blows for the last 0.30 m of the Raymond sampler is typically equal to
zero (NSPT = 0). In this case, it is possible for the sampler to penetrate 1m or more into
to the soft soil if the driller does not retain the rods, or loss of the rods can also occur
in the case of thick layers of soft soils. Therefore, the usual procedure is to retain the
rods every 1 meter.

The main information in this phase of the investigation is the definition of the
thickness of the soft clay layers, superficial fills, intermediate layers with different
characteristics of the underlying soil. The borehole must be performed from a few
meters into the underlying stiffer layer to characterize whether the layer is draining or
not, or, alternatively, reach refusal in the case of embankments on piles. In cases of
a predominat upper soft layer curves with the same thickness of soft soil layers (iso-
thickness curves), as illustrated in Figure 2.1, are very useful at this stage for deciding on
the construction methods that will be adopted in a given area. Geological-geotechnical
profiles are also carried out, as shown in Figure 2.2.



16 Design and Performance of Embankments on Very Soft Soils

Figure 2.1 Soft soil iso-thickness curves of a deposit in Rio de Janeiro (RJ).

Figure 2.2 Geological-geotechnical profile of a deposit in Rio de Janeiro (RJ).
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Figure 2.3 Natural water content profiles: (A) of a deposit in Barra da Tijuca (RJ); (B) Atterberg limits
and bulk unit weight of a deposit in Recreio dos Bandeirantes (Rio de Janeiro).

It is very important that the boreholes are located by coordinates and that the
elevation of the borehole be recorded.

2.1.2 Characterization

Still in this preliminary stage, it is common to measure the natural water content (wn)
(Figure 2.3A) and the Atterberg limits (ASTM D4318-10) in samples taken from the
SPT sampler (Figure 2.3B), since the information NSPT = 0 in the entire layer is limited
and does not distinguish between the different types of soft soils.

Measuring the water content is not costly and is needed in correlations to esti-
mate soil parameters. To measure the water content, the sample is collected at the last
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Figure 2.4 Variation of IP with the liquid limit for clays in the west region of Rio de Janeiro (Nascimento,
2009).

15 cm of the SPT sampler such that it is not influenced by the advancement proce-
dure often performed with percussion and water. In addition, the sample should be
immediately placed in a plastic bag and stored in a Styrofoam box protected from the
sunlight.

Index tests allow for qualitative evaluation of clay compressibility, when com-
paring IP (plasticity index) values with wL (liquid limit), as shown in Figure 2.4. In
this figure, the values of wL above the B line represent high compressibility materials,
named CH (high plasticity) for the range 50% < wL < 70%; CV (very high plasticity)
for 70% < wL < 90% and CE (extremely high plasticity) for wL > 90% (BS 5930-BSI,
1999). According to this classification, the clays or clayey silt of the western zone
in the city of Rio de Janeiro have high to extremely high plasticity. As clay soils are
often organic, it is important to note that tests for determining wL and wP (plastic-
ity limit) must be carried out without prior drying, to determine the IP later, and
that the values of density of the grains Gs (ABNT, 1984) of these soils are usually
less than 2.6.

2.2 COMPLEMENTARY INVESTIGATIONS

Complementary investigations are carried out to obtain geotechnical parameters after
identifying the layers. This consists of laboratory and in situ tests. The advantages and
disadvantages of laboratory and in situ tests are shown in Chart 2.1. It is important
to note that the strain and rupture development as well as stress paths in both in situ
and laboratory tests differ from those in situ and should be considered in predictions
of settlements and stability analysis.

Chart 2.2 shows the tests usually performed and the parameters estimated. As can
be seen in Charts 2.1 and 2.2, laboratory and in situ tests are complementary. Thus,
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Chart 2.1 Advantages and disadvantages of in situ and laboratory tests applied to soft clays (Almeida,
1996).

Type of test Advantages Disadvantages

Laboratory Well-defined boundary conditions Disturbance in soils during sampling and molding
Controlled drainage conditions Low representation of tested soil
Known stress paths during test Under similar conditions it is generally more

expensive than field tests
Identifiable nature of the soil

In situ Soil tested in its natural Poorly defined boundary conditions, except for
environment self-boring pressuremeter
Continuous measurement with Unknown drainage conditions
depth (CPT, piezocone)
Greater volume of tested soil Unknown degree of disturbance
Usually faster than laboratory test Non-identified nature of soil (except

percussion boreholes)

it is common to conduct a cluster of boreholes in contiguous verticals (about 2 m
apart), including laboratory and in situ tests, as presented at the end of the chapter.

2.2.1 In situ tests

During this phase, the most commonly used in situ tests are the vane and the piezocone
tests (Schnaid, 2009). Other in situ tests (Danziger and Schnaid, 2000; Coutinho,
2008) conducted on soft deposits are the dilatometer tests (e.g., Soares, Almeida and
Danziger, 1987) and the Tbar test (Stewart and Randolph, 1991; Almeida, Danziger
and Macedo, 2006). The latter, although mostly used in offshore research, has the
potential to be used onshore, due to its simplicity, since no pore pressure measurement
is necessary.

Seismic piezocone tests (SCPTu) or seismic dilatometer tests (SDMT) allow deter-
mination of the small-strain shear modulus the Go (or Gmax), which can be correlated
with undrained Young’s modulus (Eu). This “elastic’’ parameter is less relevant in
the case of embankments on soft soils, typically with relatively low safety factors
(Fs ≈ 1.5).

2.2.2 Laboratory tests

The laboratory tests usually performed for the design of embankments on soft soil
are the ones for the determination of the index properties (grain size analysis; liq-
uid and plasticity limits; specific gravity of the grains), as well as oedometer and
triaxial tests. In some cases, the amount of organic matter is determined by weight.
One can use the measure of the weight loss in the oven with temperature above
440◦C (NBR 13600 – ABNT, 1996), a procedure which is quicker and less expensive
or, preferably, a method (e.g., Embrapa, 1997), by determining the organic carbon
content.
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Chart 2.2 General characteristics of in situ and laboratory tests, estimated geotechnical parameters
and recommendations.

Test Type Aim of the test

Main
parameters
estimated

Other
parameters

Notes and
recommendations

Laboratory Index tests General
characterization
of the soil;
interpretation of
other tests

wn, wL, wp,
Gs, grain size
distribution
curves

Compressibility
estimates

Recommended
to assess the
organic matter
in very organic
soils and peat

Oedometer
consolidation
test

Calculation of
settlements and
settlements vs.
time

Cc, Cs, σ′
vm,

cv, eo

Eoed, cα Essential for
calculating the
magnitude and
rate of
settlements; can
be replaced by
CRS test

Triaxial
UU

Stability
calculations
(Su is affected
by disturbance)

Su More affected by
disturbance than
CU test

Triaxial
CU

Stability
calculations;
parameters for
deformability
calculations 2D
(FEM)

Su, c′, φ′ Eu CAU test
(anisotropic con-
solidation) is
more indicated

In situ Vane Stability
calculations

Su, St OCR Essential for
determining the
clay undrained
strength

Piezocone
(CPTu)

Stratigraphy;
settlements vs.
time (dissipation
test)

Estimation
of Su, ch (cv)
profile

OCR profile,
K0, Eoed

Highly
recommended;
low cost/benefit
ratio

Tbar Undrained
strength

Estimation
of Su, profile

Does not
require pore
pressure
correction; most
commonly used
offshore

Dilatometer
(DMT)

complementary
test, general

Su, OCR, K0 ch, Eoed –

Pressuremeter
(PMT)

complementary
test, general

Su, Go ch –
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2.3 VANE TESTS

2.3.1 Equipment and procedures

The vane test is the most used tool to estimate undrained strength (Su) of soft soils.
The test consists of rotating a vane blade at a constant rotation of 6◦ per minute at
predefined depths. The maximum value of the torque measured is then used to obtain
the clay undrained shear strength (Su). The Su value is affected by the following factors:
mechanical friction, vane blade characteristics, vane rotation rate, clay plasticity, dis-
turbance, heterogeneity and clay anisotropy. The calculated value of Su is influenced
by the rupture hypothesis adopted (Chandler, 1988). Accordingly, several precautions
are advisable when performing this test, which are outlined in NBR 10905 (ABNT,
1989). For example, the necessary standardization of waiting time between the instal-
lation and rotation of the vane is fixed as five minutes, so that the value of Su is not
over-estimated due to the drainage that can occur due to longer wait periods. The rate
of rotation, the dimensions of the vane and the test time should also be specified in the
standard adopted.

This test should be ideally carried out by measuring the torque near the vane, oth-
erwise the friction in the rods is included in the measurement and should be corrected.
Moreover, the rotation angle – generally measured on the surface of the terrain –
incorporates the elastic rotation of the vane rod, which is high, in the case of larger
depths.

An equipment with torque measurement near the vane blade was developed
through a partnership between COPPE/UFRJ and UFPE (Almeida, 1996; Nascimento,
1998; Oliveira, 2000), that is equipped with protection shoe where the vane blades are
lodged (Figure 2.5). These types of equipment have since then been used with excellent
results (e.g., Crespo Neto, 2004; Jannuzzi, 2009; Baroni, 2010).

2.3.2 Undrained strength

The measurement of torque (T) versus rotation in the vane test allows the determination
of the values of the undrained strength (Su) of the natural and disturbed soil. The usual
hypotheses adopted for the calculation of Su are: undrained conditions, isotropic soil
and constant strength around the vane. With these assumptions, and for a height to
diameter ratio (H/D) equal to 2, the equation used for calculating Su based on the
maximum measured torque value, outlined by NBR 10905 (ABNT, 1989), is:

Su = 0.86T
πD3

(2.1)

Wroth (1984) showed experimental results which demonstrated that the hypoth-
esis of constant Su at the top and at the base of the vane is not valid. Consequently,
based on studies carried out with the London clay, Eq. (2.1) may provide, in theory,
conservative results of the order of 9%. Schnaid (2009) shows theoretical equation
proposed in the literature considering different rupture modes.

Eq. (2.1) is also used to calculate the disturbed strength of clay (Sur), a measure that
consists of rotating the vane 10 complete turns after reaching the maximum torque,
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Figure 2.5 Vane Equipment: (A) equipment components; (B) detail of protection shoe.

so as to remold the soil and then measure the disturbed strength. It is recommended
that the interval between the two phases of the test be less than 5 min.

Tests on undisturbed natural soil must result in moderate rotation angles for peak
values (Figure 2.6). Baroni (2010) noticed a variation of 5◦ to 25◦, with some isolated
points (peat, shell lenses) where θmax reached 56◦. The average rotation angle corre-
sponding to the maximum torque applied on three deposits of Barra da Tijuca (Baroni,
2010) was 16◦. The quality of the vane test can be assessed by the shape of the torque
curve versus rotation angle . In general, peak rotation angles greater than 30◦ indicate
some clay disturbance.

2.3.3 Clay sensitivity

Figure 2.7 shows examples of undrained strength measured in vane tests, with test
results for natural (Su) and remolded (Sur) conditions. The sensitivity St of a clay is
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Figure 2.6 Torque versus rotation angle for tests on natural and disturbed clay (Crespo Neto, 2004).

Figure 2.7 Su natural and disturbed profile vs. depth – Sarapuí II Clay ( Jannuzzi, 2009).

defined as the ratio of the peak strength (Su) to the remolded strength (Sur), according
to the equation:

St = Su

Sur
(2.2)

The classification of clays according to sensitivity appears in Table 2.1 (Mitchell,
1993).

Most Brazilian clays have sensitivity in the 1 to 8 range, with average values
between 3 and 5 (Schnaid, 2009). However, sensitivity values of up to 10 have been
observed in clays of Rio de Janeiro, such as the clays of Juturnaíba (Coutinho, 1986)
and of Barra da Tijuca (Macedo, 2004; Baroni, 2010).
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Table 2.1 Classification of clays according to sensitivity (Mitchell, 1993).

Soil type St (sensitivity)

Insensitive clays 1
Slightly sensitive clays 1–2
Medium sensitive clays 2–4
Sensitive clays 4–8
Slightly quick clays 8–16
Medium quick clays 16–32
Very quick clays 32–64
Extra quick clays >64

2.3.4 Stress history

Stress history is commonly expressed by the overconsolidation ratio OCR = σ′
vm/σ′

vo,
where the overconsolidation stress σ′

vm is determined through the oedometer test and
the effective vertical stress σ′

vo in situ is determined through geotechnical profiles. Since
good quality samples are hard to obtain in very soft clays, overconsolidation stress val-
ues σ′

vm are not always reliable. σ′
vo values may also be susceptible to errors, particularly

in the upper layers, due to low σ′
vo values resulting from difficulties in estimating the

water level and the exact position of the sample in depth within the sampler. In addi-
tion, total unit weight values lower than 12 kN/m3 are not uncommon in extremely
soft organic clays, as shown in Figure 2.3B.

As a result of the issues discussed here, it is common to use in situ tests to estimate
the OCR values of the clay. Among the in situ tests, the vane test can be used for this
purpose. In this case, it is possible to use the equation proposed by Mayne and Mitchell
(1988):

OCR = α
Su

σ′
vo

(2.3)

where the value of α can be obtained from the correlation with the plasticity index,
given by:

α = 22 · (IP)−0.48 (2.4)

Another way to estimate the OCR value is from the Su/σ′
vm versus Ip relationship,

as shown in Figure 2.8, for deposits of different origins. In fact, Brazilian clays have
very high plasticity, unlike clays of Eastern Canada (Leroueil, Tavenas and Le Bihan,
1983; Marques, 2001). The piezocone test, described in section 2.4, has been more
frequently used for estimating the overconsolidation stress than the vane test.

2.3.5 Clay anisotropy

The anisotropy originates from the mode of deposition of the clay (inherent anisotropy)
and from induced strains after deposition (induced anisotropy). Strength anisotropy
studies with vane tests have been carried out (Aas, 1965; Collet, 1978) with different
H/D vane blades ratio, aiming to measure clay strength in the horizontal Suh and
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Figure 2.8 Variation of the normalized undrained strength ratio Su/σ′
vm with the plasticity index Ip.

Figure 2.9 Correction factor of (Su) values of the vane test related to plasticity index (Bjerrum, 1972).

vertical Suv directions to obtain the strength anisotropy ratio Suh/Suv. These studies
indicate (Bjerrum, 1973) that the Suh/Suv ratio is close to unity for slightly very soft
overconsolidated clays, to soft clays with plasticity indexes over 40%.

2.3.6 Test correction

The undrained stress (Su) measured in the vane test should be multiplied by a correction
factor (Bjerrum, 1972) to obtain the design strength:

Su (design) = µSu (vane) (2.5)

The correction factor µ, shown in Figure 2.9, is a function of the clay’s plasticity
index and incorporates two effects: clay anisotropy and the difference between the
loading rate in the field and the vane test rate (time effect).
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Figure 2.10 Details of the piezocone probe: (A) measure of pore pressure at two points; (B) details of
the pore pressure acting on the tip.

2.4 PIEZOCONE TEST

2.4.1 Equipment and procedures

The piezocone test consists of continuous penetration – at constant rate of penetration
of the order of 2 cm/s – of a cylindrical element with a cone-shaped tip with contin-
uous measurement of tip strength (qc), lateral friction (fs) and pore pressure (u), as
shown in Figure 2.10A (Lunne, Robertson and Powell, 1997; Schnaid, 2008). The
standardization of the penetration rate is important, since the strength value varies by
about 10% per logarithmic cycle of the penetration rate (Leroueil and Marques, 1996;
Crespo Neto, 2004).

It is ideal to measure pore pressure at two points: one on the face (u1) of the cone
and another at the base of the cone (u2). However, the majority of the equipment can
only measure u2, which is required for the correction of the measured cone resistance.

The CPTu probe used in soft soils, generally has an area of 10 cm2, but probes with
smaller areas are also used with the aim of speeding up the dissipation tests (Baroni,
2010). The CPTu equipment in very soft soils should be lightweight, so as to facilitate
its accessibility, especially in areas of low bearing top layers.

2.4.2 Correction of cone resistance

The piezocone test has been used for preliminary estimation of typical soil behav-
ior, definition of soft soil deposit stratigraphy, definition of the continuous profile of
undrained strength and compressibility parameters of the soil, in addition to other
parameters, as described in chart 2.2.
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Figure 2.11 Typical results of a vertical piezocone test conducted in Barra daTijuca (RJ). (A) qt profile;
(B) lateral friction strength profile, fs; (C) pore pressure profile (Baroni, 2010).

Because the pore pressure operates unequally on the geometry of the cone tip
(Figure 2.10B), the cone resistance measured at the tip of the cone (qc) must be corrected
according to the equation:

qt = qc + (1 − a)u2 (2.6)

where qt is the corrected cone resistance, qc is the cone resistance measured in the cone;
u2 is the pore pressure measured at the base of the cone; and a is the ratio of the areas
An/At (Figure 2.10B).

The geotechnical engineer should request the cone tip characteristics (radius,
An, At) as well as the raw data of the test, in order to be able to interpret the results.
The value of the parameter a could also be obtained by means of calibration. Figure
2.11 shows typical results of a piezocone test (qt, fs and u profiles) conducted in a
deposit at Barra da Tijuca (RJ).

2.4.3 Preliminary soil classification

Several approaches for preliminary soil classification based on piezocone test results
are available in the literature. The chart proposed by Robertson (1990) (Figure 2.12)
is one of the most used. With the parameters used in the chart, and defined in the
figure, it is possible to obtain the estimate of soil type for each depth, in general at
every 2 cm.

2.4.4 Undrained strength (Su)

The undrained strength Su may be obtained from the piezocone test using a number
of equations (Lunne, Robertson and Powell, 1997; Schnaid, 2008). The most used
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Figure 2.12 Soil behavior type classification chart based on normalized CPTu data (Robertson, 1990).

equations relate the corrected strength (qt) of the cone with the cone factor (Nkt), and
the pore pressure with the cone factor (N�u), as shown below:

Su = qt − σvo

Nkt
(2.7)

Su = u2 − u0

N�u
= �u

N�u
(2.8)

In geotechnical practice, Eq. (2.8) is less used than Eq. (2.7). The Nkt value to
be used in Eq. (2.7) should be obtained from the correlation of the piezocone tests
and the undrained strength from vane tests which are most commonly used for this
purpose. The experiences accumulated for nearly 30 years conducting piezocone tests
indicate that the Nkt value should be obtained for layers with different characteristics
in the same deposit. Nkt values are obtained for each depth and an average value for
the deposit is to be used in Eq. (2.7) to obtain the estimated profile of Su. Due to
the heterogeneity of the deposit, the average value can vary considerably, as shown
in Figure 2.13. In this case, it is possible to use a single Nkt value for each profile
or vary the value along the depth. Nkt values vary typically between 10 and 20, and
studies indicate (e.g., Ladd and De Groot, 2003) that this correlation also depends
on the CPTu equipment used. Table 2.2 shows typical Nkt values, as well as some
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Figure 2.13 Cone factor values, Nkt, obtained from tests in Porto Alegre (Schnaid, 2000).

parameters for Brazilian soils. The average of the Nkt factor is about 12 for Brazilian
clays (Almeida, Marques and Baroni, 2010).

2.4.5 Stress history

Several equations have been suggested in the literature to obtain OCR vs. depth profiles
by means of piezocone tests. The one that is mostly used is:

OCR = k · Qt (2.9)

where:

Qt = qt − σvo

σ′
vo

(2.10)

k values in the 0.15–0.50 range have been obtained in various clayey deposits (Schnaid,
2009), with the recommended value of the order of 0.30. The lowest range has been
registered for Brazilian very soft clays (Jannuzzi, 2009; Baroni et al., 2012).



Table 2.2 Typical Nkt values for Brazilian soils (Danziger and Schnaid, 2000).

References
Characteristics of clays

Average Nkt Characteristics of
Location Ip (%) OCR Su (kPa) (variable) Notes clays Piezocone tests

Sarapuí, Rio de
Janeiro

100–250 1.3–2.5
(below the
3 m crust)

8–18,
vane

9 (8 to 10) –
3 m to 6.5 m
10.5 (10 to 11) –
6 m to 10 m

Other piezocone tests
carried out on site
(below embankment):
Alencar Jr. (1984);
Rocha Filho and
Alencar (1985)

Ortigão (1980);
Ortigão,Werneck
and Lacerda
(1983); Ortigão
and Collet (1986)

Soares et al. (1986), Soares,
Almeida and Danziger
(1987); Sills, Almeida and
Danziger (1988); Danziger
(1990); Danziger,Almeida
and Sills (1997)

14 (11 to 16) – Bezerra (1996)
Senac, Rio de
Janeiro

100–50 1.5 (below
the 3 m
crust)

8–30,
vane

9 (5 to 11) – Almeida (1998)

Clube
Internacional,
Recife

25–90 1–2 35–55,
UU

12.5 (7 m to 16 m)
–
13–16 m to 26 m
total variation:
10 to 15.5

Coutinho,
Oliveira and
Danziger (1993)

Oliveira (1991); Coutinho,
Oliveira and Danziger
(1993)

(11 to 17) – 7 m to
16 m (12 to 16)
– 16 to 26 m

Bezerra (1996)

Ibura, Recife 45–115 aprox. 1
(below the
crust)

9–27, UU 14–4 at 11.1 m
13.5–11.1 m to
21 m

Coutinho,
Oliveira and
Oliveira (1998)

Port of Aracaju 25–45 1–2 10–30,
vane

15.5 (14.5 to
16.5)

Brugger et al.
(1994); Sandroni
et al. (1997)

Danziger (1990); Brugger
et al. (1994); Sandroni
et al. (1997)

Port of Santos 40–80 1.3–2 5–50,
vane

18 (15 to 21) Samara et al.
(1982)

Bezerra (1993);
Almeida (1996)

Enseada do
Cabrito, Salvador

50 1.5–3 9–17,
vane

15 (12 to 18) Baptista and Sayão (1998)

Ceasa, Porto
Alegre

20–70 1–1.5 10–20,
vane

12 (8 to 16) Soares, Schnaid and Bica (1994, 1997)

Salgado Filho
Airport, Porto
Alegre

20–70 1–5 10–15,
UU-CIU

12 (10 to 16) Schnaid et al. (1997)
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Table 2.3 Time factorT* according to degree of consolidation (U) (Houlsby andTeh, 1988).

Time factorT* according to the position of pore pressure transducer

U (%) Face of the cone (u1) Base of the cone (u2)

20 0.014 0.038
30 0.032 0.078
40 0.063 0.142
50 0.118 0.245
60 0.226 0.439
70 0.463 0.804
80 1.040 1.600

2.4.6 Coefficient of consolidation

Tests with dissipation of the excess pore pressures generated during the penetration
of the piezocone in the ground can be used to estimate the coefficient of horizontal
consolidation (ch) and, with this, estimate the coefficient of vertical consolidation (cv).
The test consists of interrupting the penetration of the piezocone at predefined depths,
until reaching at least 50% of the dissipation of the generated excess pore pressure.

The most used ch estimation method is the one by Houlsby and Teh (1988), which
considers the rigidity index of the soil (IR), with the time factor defined as follows:

T∗ = ch · t

R2
√

IR
(2.11)

where:
R – piezocone radius
t – dissipation time/period
IR – rigidity index (G/Su)
G – shear stress modulus of the soil. Generally, G = Eu/3 is used, where Eu is Young’s
undrained modulus, usually obtained from CU tests at 50% of the maximum deviatoric
stress.

In Table 2.3, values for the time factor T∗ are listed according to the pore pressure
degree of consolidation (U), observing that the solution is a function of the porous
element’s position in the cone.

The measurement of u2 at the base of the cone is standard and is mostly used to
interpret piezocone dissipation results. Any procedure to estimate ch (e.g. Robertson
et al., 1992; Danziger, Almeida and Sills, 1997) requires the accurate measurement of
the pore pressure of the pore pressure value at the start of dissipation ui, and the hydro-
static pore pressure value u0. The most common procedure (Robertson et al., 1992) is
the determination of the pore pressure value u50 = (ui − u0)/2, corresponding to 50%
dissipation. It is then possible to obtain the time t50, as shown in Figure 2.14. However,
the most accurate procedure is to obtain T∗ and, then ch by overlapping the experi-
mental and theoretical curves, as proposed by Danziger, Almeida and Sills (1997).

Robertson et al. (1992) proposed a direct way to estimate of ch from the t50 value
using the chart in Figure 2.15, which was developed using Eq. (2.11) and data from
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Figure 2.14 Example of ch calculation – dissipation test in Barra da Tijuca (RJ).

Figure 2.15 Chart for obtaining ch from t50 (Robertson et al., 1992).
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Figure 2.16 Detail of the T-bar penetrometer.

Table 2.3. This chart is valid for IR values varying between 50 and 500 and for cone
areas of 10 cm2 and 15 cm2.

The ch value should be corrected to account for anisotropy and stress range when
calculating consolidation rate and comparing with measured cv values from oedometer
tests in the normally consolidated range cv(na). Equations used for the conversion of ch

to cv(na) are available in Lunne, Robertson and Powell (1997) and in Schnaid (2009).

2.5 T-BAR TEST

The T-bar test (Stewart and Randolph, 1991; Randolph, 2004) has been mostly used
recently to obtain the undrained strength of clayey soils. This test consists of the
penetration of a cylindrical bar in the ground (Figure 2.16) and has the advantage of
not requiring pore pressure corrections, since there is equilibrium of the stresses acting
below and above the bar. In the T-bar test, the undrained strength is given by:

Su = qb

Nb
(2.12)

where Nb is an empirical factor of the cone, whose theoretical value is 10.5, and qb is
the strength measured during the test. Studies (Almeida, Danziger and Macedo, 2006;
Long and Phoon, 2004) indicate that these values are consistent with Su values from
vane tests.

2.6 SOIL SAMPLING FOR LABORATORY TESTS

An essential condition for good laboratory test results is the suitability of undisturbed
samples. Sampling involves several operations, with stress state changes and induced
disturbance of the soil, as shown in Figure 2.17. However, even perfect hypothetical
sampling results in an inevitable relief in the stress state of the soil (Ladd and Lambe,
1963; Hight, 2001).

The soil sample retrieval using a Shelby sampler with a stationary piston
(NBR9820 – ABNT, 1997; ASTM D1587-08) requires special precautions such as
the use of bentonite slurry in the borehole. After installation of the Shelby tube into to
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Figure 2.17 Variation of the stress states of a sample during sampling.

Figure 2.18 Procedure for extrusion and preparation of soft soil specimens in the laboratory:
(A) cutting the sampler, (B) needle and steel wire used to separate the sample from
the sampler (Baroni, 2010).

the soil, it is sometimes necessary to wait a few hours to collect the sample from the
ground to minimize disturbance.

In the laboratory, the procedure proposed by Ladd and De Groot (2003) should
be used for the extrusion of the samples from the Shelby sampler. This consists of
cutting the sample tube to the required length for the specimen to be tested (Figure
2.18A), driving a needle of suitable length between the specimen and the sampler wall,
then passing a metal wire around this interface in order to release the sample from the
sampler (Figure 2.18B).

2.7 OEDOMETER CONSOLIDATION TESTS

The oedometer consolidation test is essential for calculating the magnitude of set-
tlement and their evolution over time. In the conventional oedometer test with
incremental load, each load increment is applied for 24 hours.
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The maximum vertical stress to be applied should be chosen depending on the
stress history of the deposit and the embankment height. For very soft clays, one must
start with low vertical stresses of 1.5 kPa or 3 kPa, and then the load is doubled. To
better determine the overconsolidation stress, sometimes intermediate loading stages
are also carried out. Loading stages will be carried out until the required vertical stress,
which should be in the order of 400 kPa, at least, even for embankments that are low
in height. This stress level allows better definition of the virgin compression curve
and allows the evaluation of the suitability of the sample, since good quality soft clay
samples have a clear curve in the log scale for virgin range of stress.

Typical tests are two weeks long, particularly if an unloading cycle is carried out.
Direct permeability measurement through the variable load test (Head, 1982) in some
cases is also carried out for some load stages, which should lead to a longer test period
since this is carried out during the 24 hours following the end of the consolidation
phase of a load stage, i.e., the duration of each stage subjected to this additional test
is 48 hours.

Figure 2.19A, B shows the correlation of the soil compression index with the
natural moisture content (wn) in some Rio de Janeiro clays and clays located in Rio de
Janeiro’s western region, respectively. In the preliminary design stage, this correlation
allows to estimate the magnitude of settlements that will occur with the construction
of the embankments.

2.7.1 Other consolidation tests

The constant rate of strain consolidation test (CRS) generates the compression param-
eters within a much shorter period than the incremental test (Wissa et al., 1971, Head,
1982). This type of test has been conducted on Rio de Janeiro clays (Almeida et al.,
1995) but is less used in the current Brazilian practice.

The automated oedometer test equipment that is currently available comercially
allows the load to be applied automatically in sequence, without the need to wait 24
hours for each load stage. This test, also known as the “accelerated incremental consol-
idation test’’, usually lasts about two days, the same average duration of a typical CRS
test. This should be set to a given criterion for the application of each loading sequence
such as, for example, the end of the primary (t100), based on the Taylor t90 method.
The compression curve obtained with this test differs from the usual test with the 24-
hour criterion, since the rates at the end of the primary strain/deformation are greater
than the 24-hour rates. The overconsolidation stresses of the accelerated incremental
test are greater than those from the conventional tests, and should be appropriately
considered when using the results of each type of test since the correlations in the
literature use OCR values obtained from conventional 24-hour oedometer tests.

2.7.2 Sample quality

Consolidation test results are very dependent on the sample quality. Lunne, Berre
and Strandvik (1997) proposed a relatively more restrictive criterion for assessing the
quality of samples than the recommendations of Coutinho (2007) and Sandroni (2006)
for Brazilian clays, as indicated in Table 2.4. These recommendations are based on the
�e/evo relationship, where �e is the variation of the voids from the beginning of the
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Figure 2.19 Compression index (Cc) x natural moisture content (wn): (A) Rio de Janeiro clays (Futai,
1999; Almeida et al., 2008), (B) clays of Barra da Tijuca and Recreio dos Bandeirantes
(Almeida et al., 2008c).

test to the effective vertical stress in situ σ′
vo, and evo is the void ratio corresponding

to σ′
vo. Baroni et al. (2012) used the criterion proposed by Coutinho (2007) for Rio

de Janeiro clays and noted that, despite all precautions taken during sampling, in the
case of these clays, 83% of the samples were good or fair.
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Table 2.4 Criteria for classification of sample quality.

�e/evo

OCR Very good to excellent Good to fair Bad Very bad

Lunne, Berre and Strandvik (1997) Criterion
1–2 <0.04 0.04–0.07 0.07–0.14 >0.14
2–4 <0.03 0.03–0.05 0.05–0.10 >0.10
Sandroni (2006b) Criterion
<2 <0.03 0.03–0.05 0.05–0.10 >0.10
Coutinho (2007) Criterion
1–2.5 <0.05 0.05–0.08 0.08–0.14 >0.14

Figure 2.20 e x log σ′
v curves for good and poor quality samples (Coutinho; Oliveira; Oliveira, 1998).

Soil disturbance affects the compression curve of the consolidation test, as shown
in Figure 2.20 for Recife and Rio de Janeiro clays. A poor quality sample, when
compared with a good quality sample, will present lower overconsolidation stress.
The change of the void ratio, related to a change of the effective stress is also altered
by disturbance. This can lead to predicted settlements being different from the actual
settlements and wrong fill volume values in projects for temporary surcharge and for
the compensation of these settlements.
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It is also noted that the void ratio versus the logarithm of the effective stress
becomes linear with disturbance, but for high effective stress values the compres-
sion curves are similar. The disturbance of a sample decreases the permeability and
consequently the coefficient of vertical consolidation, which can cause an incorrect
evaluation of settlement rate, i.e., the expected stabilization period based on disturbed
samples can be greater.

2.8 TRIAXIAL TESTS

The strength and modulus values measured in UU triaxial tests are influenced by the
stress relief process and disturbance. However, considering the relatively small cost,
they provide additional data to obtain the Su profile.

The isotropic triaxial consolidation test (CIU) is not widely used in Brazilian prac-
tice. In some special projects anisotropic consolidation triaxial tests (CAU) are carried
out. In this case, the effective vertical σ′

vo and horizontal σ′
h0 stresses in situ for which

the specimen will be consolidated must be previously estimated (see Figure 2.17). Con-
sidering that σ′

h0 = K0 · σ′
vo and the earth pressure coefficient at rest K0 can be defined

by the equation K0 = (1 − sin φ′). OCRsin φ′
for the CAU test, both OCR and friction

angle φ′ of the soil should be previously known or estimated. The CAU tests require
more time, unusual equipment and procedures, and are often performed by specialized
laboratories.

2.9 FINAL REMARKS

The Geotechnical site investigation in clusters allow the integrated analysis of all in situ
and laboratory test results, thus a better overall understanding of the geomechanical
behavior of soft soil deposit, besides the assessment of the consistency of different
test results, as shown in Figure 2.21. In this specific case (Figure 2.21), the values
for overconsolidation stresses being lower than the in situ stresses indicate sample
disturbance, for example.

Figure 2.21 shows the results of the tests types described herein, in situ (SPT,
vane and piezocone) and laboratory (index tests, oedometer tests, triaxial UU tests).
Regarding the stratigraphy, SPT and piezocone tests clearly complement each other.
The same can be said about the design strength profile Su, in this case, combining data
from vane, piezocone and UU tests.

The coefficient of consolidation values obtained from oedometer and piezocone
tests also complement each other, but oedometer tests are fundamental because they
provides compressibility parameter. For the estimation of design values of coefficients
of consolidation, the piezocone test is recommended as well as the consolidation test.

Figure 2.22 presents consolidation coefficients estimated from piezocone and
oedometer tests and monitoring of soft soil deposits in Western areas of Rio de Janeiro.
This great variability of cv values observed is not uncommon for clays in the Southeast
of Brazil.



Figure 2.21 Geotechnical characteristics of the soft clay deposit. Research cluster, deposit of Barra da Tijuca clay (RJ) (Crespo Neto, 2004).
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Figure 2.22 Consolidation coefficient profile from piezocone and oedometer tests at the western area
of Rio de Janeiro – normally consolidated range: (A) Recreio; (B) Barra daTijuca (Almeida
et al., 2001).

Geotechnical parameters of some Brazilian deposits, which are useful for prelimi-
nary project calculations, are presented in the Appendix. Geotechnical parameters for
the Baixada Santista (Santo Plains) deposits are discussed in detail by Massad (2009).



Chapter 3

Geotechnical properties of very soft
soils: Rio de Janeiro soft clays

This chapter describes the geotechnical properties of very soft clays illustrated by the
case Sarapuí clay in Rio de Janeiro, probably the best studied soft clay deposit in
Brazil (Almeida and Marques, 2003). The overall elasto-plastic behavior of soft clays
is previously presented for background reference.

3.1 OVERALL BEHAVIOR OF VERY SOFT SOILS:
CAM CLAY MODELS

Overall behavior of very soft clays may be consistently described by the elasto-plastic
Cam-clay models developed as part of the “Critical State Theory’’ (Roscoe et al., 1958)
by Cambridge University researchers in the sixties (Schofield and Wroth, 1968; Roscoe
and Burland, 1968). Since then, further developments of the Cam-clay models have
been proposed (e.g., Koskinen et al., 2002; Wheeler et al., 2003) while maintaining
the principles of the original models. For lightly overconsolidated non-structured very
soft clays the original models have the benefits of the simplicity and representative
performance.

Critical state conditions may be observed in triaxial tests at large strain conditions
at which there is no change in void ratio and effective stresses. Critical state can be
directly and easily reached in undrained or drained tests, on normally consolidated
or lightly over-consolidated samples, or even in highly over-consolidated clays if large
strains can be reached in homogeneous conditions. The latter are of little interest for
the scope of this book.

3.1.1 Stress and strain variables

The three variables used in Cam-clay models (simplified for triaxial test conditions)
are:

the mean effective stress

p′ =
(
σ′

a + 2σ′
r

)
3

(3.1)

the deviator stress

q = σ′
a − σ′

r (3.2)
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and the specific volume

v = 1 + e (3.3)

where σ′
a and σ′

r are, respectively, axial and radial effective stresses corresponding to
principal effective stresses in axi-symmetric conditions, v is the specific volume and
e is the voids ratio.

It is more convenient to represent the stress variables p′ and q in terms of σ′
a and σ′

r
than in terms of principal stresses as it facilitates to differentiate between compression
and extension paths, respectively, positive and negative using the definition of q pre-
sented in (3.2). For numerical analyses p′ and q may be written in three-dimensional
conditions (Atkinson and Bransby, 1978; Wood, 1990).

Strains used in Cam-clay models are essentially shear strain εs and volumetric strain
εv that, for overall consistency in terms of stress and strain invariants, are defined as
(Atkinson and Bransby, 1978)

εs = 2
3

(εa − εr) (3.4)

εv = εa + 2εr (3.5)

where εa and εr are respectively, axial and radial strains measured in the triaxial test.

3.1.2 Model parameters

Cam-clay models incorporate five soil parameters obtained from standard laboratory
tests, mainly triaxial, and isotropic or oedometer compression tests.

The two compression parameters used in Cam-clay models are the compres-
sion index λ and the recompression or swelling index κ shown in the e versus ln p′
plot of isotropic compression (σ′

1 = σ′
2 = σ′

3) in Figure 3.1. These can be related to
the compression index Cc and the recompression index Cs in the e versus log σ′

v
plot by

λ = Cc

2.3
(3.6)

κ = Cs

2.3
(3.7)

The critical state line is formally parallel to the isotropic compression line and it
is represented in Figure 3.1.

The third parameter is �, the specific volume corresponding to p′ = 1 kPa which
is necessary to locate the critical state line in the v versus p′ plot.

Figure 3.1 also shows the parameter N, which is the specific volume corresponding
to p′ = 1 kPa necessary to locate the isotropic compression line in the v versus p′ plot.
However, N is not an independent variable as it depends on the actual Cam-clay model
chosen. For the more widely used modified Cam-clay model, N is defined as

N = � − ln 2(λ − κ) (3.8)
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Figure 3.1 Normal Consolidation and critical state lines in the v−ln p′ plane, isotropic compression.

Figure 3.2 Yield surface of a Cam clay model in the q−p′ plane.

The parameter M shown in Figure 3.2 defines the inclination of the critical state
line in the p′–q plot and may be defined as

M = 6
sin φ′

cs

(3 − sin φ′
cs)

(3.9a)

where φ′
cs is the friction angle corresponding to critical state (constant volume)

conditions.
In practical terms it is possible to adopt the simplified empirical equation

M = φ′
cs

25
(3.9b)

where values of φ′
cs are in degrees.
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The yield curve separates elastic conditions from elasto-plastic conditions. For the
modified Cam-clay model the yield curve is elliptical as shown in Figure 3.2 and is
defined by

q
p′2 + M2 ·

(
1 − p′

c

q′

)
= 0 (3.10)

where p′
c is the preconsolidation or yield stress at the isotropic compression line (see

also Figure 3.1).
The fifth Cam-clay parameter is the shear modulus G defined as

G = E
2(1 + ν)

(3.11)

where E is the Young’s modulus and ν is the Poisson’s ratio. As water does not transmit
shear, thus the shear modulus is equal for total and effective stress conditions, i.e.,
G = G′. In other words, G may be computed from drained or undrained tests and is
just simpler and quicker to obtain G from undrained triaxial tests. Replacing in (3.11)
the value of Poisson’s ratio for undrained condition νu = 0.5,

G = Eu

3
(3.12)

And the undrained modulus Eu may be obtained from consolidated undrained CU
triaxial tests.

Considering the large strains and low factors of safety commonly associated with
construction in very soft clays, the value of Eu adopted to compute G adopted is usually
the secant modulus Eu50 corresponding to the 50% of the maximum deviator stress q.

The bulk effective modulus K′ relates increments of elastic volumetric strains with
the increment of volumetric stresses p′. In Cam-clay models the equation of bulk mod-
ulus K may be obtained from the unloading-reloading line v = vκ − κ ln p′ indicated in
Figure 3.1.

K′ = (1 + e) p′

κ
(3.13)

Thus K′ depends on the mean effective stress p′, void ratio e and the slope κ of the
unloading line.

The shear modulus G may be also defined (Atkinson and Bransby, 1978) as

G = 3K′(1 − 2ν′)
2(1 + ν′)

(3.14)

where ν′ is the Poisson’s ratio in terms of effective stresses.
Substituting (3.13) into (3.14) one gets

G = 3(1 − 2ν′)(1 + e)p′

2(1 + ν′)κ
(3.15)
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Figure 3.3 Cam clay hardening behavior: (A) evolution of a yield surface during hardening; (B) stress–
strain curve with strain hardening.

Therefore (3.15) considers the modulus G as stress dependent which may be more
consistent than assuming a constant G as in (3.12). Under elastic conditions, which
can be associated to the unloading-reloading stages, a constant Poisson’s ratio ν′ is
usually assumed in (3.15) for simplicity.

3.1.3 Yield conditions

For the more usual loading conditions related to very soft clays the yield curve increases
as loading progresses and this is exemplified in the diagram shown in Figure 3.3. This
enlargement of the yield curve is the strain-hardening behavior shown in the p′–q plot
of Figure 3.3A which shows also the stress path of a lightly overconsolidated specimen
(yield stress p′

c) for conventional triaxial drained shearing (�q/�p′ = 3) starting at p′
a,

the first yielding occurring at point Y and experiencing continuous hardening to reach
critical state condition at point F. Figure 3.3B also shows the hardening behavior in
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Figure 3.4 Limit state curves of five Rio de Janeiro soft clays (Futai, 1999; Futai et al. 2008).

terms of the stress strain curve. The yielding point Y and the large strains critical state
conditions are also shown. The strain-softening behavior is the decrease of the yield
curve and q following post peak. This is usually related to overconsolidated conditions
less commonly observed in very soft clays.

The original Cam-clay models were proposed for isotropic yield conditions. This
means a yield curve symmetric with respect to the isotropic line p′, as shown in Fig-
ure 3.2. However, natural clays, contrary to laboratory prepared clays are anisotropic,
have different horizontal and vertical properties, due to their formation process, thus
yield curves of natural clays are not centered on isotropic axis (e.g., Diaz-Rodriguez
et al., 1992; Koskinen et al., 2002; Wheeler et al., 2003). Figure 3.4 shows normalized
yield curves of five natural soft clays localized at Rio de Janeiro State (Futai, 1999).

Both q and p′ were normalized with relation to preconsolidation pressure, however
q was also normalized with relation to the critical state parameter M, defined in Eq. 3.9,
and varying with φ′ (friction angle) as function of the tests depth.
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Figure 3.5 Plasticity chart for Rio de Janeiro clays (Mello, 2013; adapted from Futai, 1999).

3.2 INDEX PROPERTIES OF SOME RIO DE JANEIRO CLAYS

Index properties of Rio de Janeiro clays (Almeida et al., 2008) are summarized here.
Geotechnical properties and characteristics of soft clay deposits in the west region of
Rio de Janeiro (Almeida et al., 2010) are presented in Table A.2 (Annex). It may be
observed the high values of the compression ratio CR observed in most sites.

The relationship between the IP and the liquid limit wL has been traditionally used
to classify fine-grained soils. The usual functional relationship between IP and wL is:

IP = A(wL − B) (3.16)

The Casagrande A line for soil classification gives A = 0.73 and B = 20, as shown
in Figure 3.5. For a large set of data of 520 soils and for IP and wL varying between
10–90% and 25–120%, respectively, Nagaraj and Jayadeva (1983) obtained A = 0.74
and B = 8 for organic soils, yielding a line slightly above the Casagrande line, which
still agrees fairly well with data of Rio de Janeiro clays for soils with lower water
content.

Four regions in the Plasticity chart were proposed by Futai (1999) and are repre-
sented in Figure 3.5 and described in Table 3.1. Three of them are rather well fitted
by line A, while region IV is well outside the range of equation 3.1, for Itaipú clay and
also for Juturnaíba clay, due to their high value of organic matter. This classification is
also a function of compressibility and the range of the strength parameters, as shown
in Table 3.1.

Some very soft clays exhibit high organic content and Figure 3.6 shows a rela-
tionship between water content and organic matter for Rio de Janeiro clays. It is well
known (e.g., Schofield and Wroth, 1968) that the water content is directly related to
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compressibility and undrained strength. Therefore, organic content influences directly
compressibility and strength.

Mitchell (1993) has shown the influence of the organic content in increasing the
Atterberg limits and decreasing both the dry density and the undrained strength.
For Sarapuí clay, Coutinho and Lacerda (1987) have clearly shown the influ-
ence of the organic content in increasing compression index Cc, compression ratio
CR = Cc/ (1 + eo), and secondary compression index Cαε = Cα/(1 + eo).

Table 3.1 Classification of Rio de Janeiro clays (Futai, 1999).

Rio de Janeiro
Classification Consistency Strength eo IP wL (%) Cc/(1 + eo) Su (kPa) φ′ (◦) clays

Region I Stiff inorganic High <2 <10 <40 0.15–0.35 >50 28–40 Botafogo
clays undrained Uruguaiana

strength

Region II Slightly soft Low 2–4 10–120 30–200 0.25–0.35 6–15 25–35 Cajú, Barra da
organic clays undrained Tijuca, Sarapuí

strength

Region III Medium soft Low 4–6 >80 >100 0.40–0.60 6–25 30–40 Juturnaíba,
organic clays undrained Sarapuí

strength

Region IV Very soft Low >3.5 >130 >150 0.25–0.35 10–25 <65 Itaipú
organic undrained
clays – peat strength

Figure 3.6 Organic matter content and water content relationship for Rio de Janeiro clays (Futai, 1999).
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3.3 COMPRESSIBILITY AND STRESS HISTORY

3.3.1 Compressibility

Sarapuí clay is a very compressible soil, for which Cc varies from 1.3 to 3.2 and average
Cs/Cc is 0.12 as shown in Figure 3.7. The average Cc/(1 + e0) relationship is 0.41, thus
an indication that this clay is bound to present relevant viscous behaviour.

As soft clays in general, and particularly for structured clays the behaviour of
Sarapuí clay under uni-dimensional consolidation is strongly affected by sampling
disturbance. This effect is shown in Figure 3.7 for tests performed on good and bad
quality samples as well as on laboratory remolded samples of Sarapuí clay (Ferreira &
Coutinho, 1988; Coutinho et al., 1998).

Coutinho (1976) carried out conventional and special oedometer tests with radial
drainage and measured coefficient of horizontal consolidation (ch) of samples at nor-
mally consolidated range, and observed decrease of ch with sample disturbance, and

Figure 3.7 Sampling effect on uni-dimensional compression of Sarapuí clay.
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Figure 3.8 OCR profiles of Rio de Janeiro clays (Futai, 1999).

obtained ch undisturbed/ch remolded = 1.42 (at 5.8 m) and 1.55 (at 6.8 m), which data are
quite relevant with respect to smear effects due to vertical drains installation.

The (evo − eo)/eo relationship, where evo is the void ratio at in situ vertical stress,
is an indication of sample quality. Lunne et al. (1997) proposed that for high quality
samples this relationship is lower then 0.04, for an OCR between 1 and 2. Analysis
of 63 oedometer tests carried out by Ortigão (1980) shows an average (evo − eo)/eo

relationship of 0.033 and for only 16% of samples this relationship is higher than 0.04.

3.3.2 Overconsolidation ratio (OCR)

The variation of the overconsolidation ratio OCR with depth, for eight Rio de Janeiro
soft clay deposits, is shown in Figure 3.8. The OCR profile for all clays is within
a narrow range, which suggests that the stress histories of the clay deposits in the
Rio de Janeiro region are similar. It is observed that the top 4 m present larger OCR
variation but below 4 m the OCR is in average ranging from 1.5 to 2 and mostly
constant which is mainly due to secondary compression (ageing), while the continuous
decrease of OCR with depth is attributed to changes in ground water level (Parry and
Wroth, 1981).

3.4 HYDRAULIC CONDUCTIVITY AND COEFFICIENT
OF CONSOLIDATION

Conventional and special oedometer tests were carried out on Sarapuí clay with radial
drainage: inflow and outflow types, and inflow-outflow tests also described as double
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Figure 3.9 ch and cv values from laboratory tests at 5.5–6.0 and 6.5–7.0 m depth Sarapuí clay (Coutinho,
1976).

drainage, and with vertical drainage on samples at 90◦ with horizontal plane, in order
to obtain coefficient of horizontal consolidation (ch) value (Coutinho, 1976; Lacerda
et al., 1977, 1995). For tests carried out with radial drainage with inflow and outflow,
ch values were computed using Barron (1948) and Scott (1961) solution, respectively,
both with “equal strain’’ consideration. Figure 3.9 shows average vertical and horizon-
tal coefficients of consolidation with stress, for those tests, carried out on undisturbed
samples collected at the middle of the clay layer.

For higher stress levels, showed in detail in Figure 3.9, the ch range of inflow tests
are systematically higher than outflow tests, maybe due to leaks or formation of smear
zone around the external boundary of the sample, as vertical deformation develops.
The outcome is that outflow tests and double drainage tests are quicker than inflow
tests and are not affected by possible flow between top plate and the ring (Lacerda
et al., 1995). The ch/cv relationship lies between 1.0 and 2.0 at normally consolidated
range, which is typical for very soft clays.

Hydraulic conductivity at overconsolidated domain, kv, at the middle of the clay
deposit lies in the range 2 to 5 × 10−9 m/s (Coutinho, 1976), which is much smaller
than measured (Gerscovich et al., 1986) at the crust. On the overconsolidated domain,
kv values measured at constant head tests carried out on triaxial cells lie in the range
of 3 × 10−9 m/s (at 1.5 m) to 24 × 10−8 m/s.

Figure 3.10 shows permeability variation with void index of Sarapuí clay. At nor-
mally consolidated domain anisotropy permeability factor was kh/kv = 1.6 to 2.1 for
void index between 3 and 2. Sandroni et al. (1997) found kh0/kv0 close to 2 for a
northwestern Brazilian organic clay. However, for inorganic eastern Canadian clays,
for example, this factor is lower, of about 1.1 (Leroueil et al., 1983).
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Figure 3.10 Vertical and horizontal permeability variation with void index – Sarapuí clay (Lacerda et al.,
1977).

3.5 SOIL STRENGTH

3.5.1 Undrained strength – laboratory and in situ data

Figure 3.11A shows the average undrained strength (Su) profile of Sarapuí clay obtained
from UU, CK0U and CIU (Shansep method) tests performed in the early eighties but yet
quite useful to understand the overall behavior a typical Brazilian soft clay. For tests
performed using the Shansep method, the samples were brought to consolidation until
normally consolidated domain was reached, and then unloaded to an OCR value, and
then undrained compression was carried out until failure. It was observed that Su values
obtained using Shansep method are underestimated, since this method may induce the
destruction of the natural clay structure, apart from the fact that samples may be partly
disturbed. Su from triaxial tests are lower when compared to vane tests values.

The critical state strength profile (Figure 3.11A) was obtained using critical state
parameters and OCR and Ko values varying with depth (Almeida, 1982). Su values
predicted from isotropic consolidation are higher than those from anisotropic consol-
idation, the same behaviour observed when using Shansep method.

The undrained strength obtained from UU tests performed on samples of the crust
lies between 4 and 7 kPa (Bressani, 1983; Gerscovich, 1983). These are lower than
those measured by vane tests shown in Figure 3.11B. It is possible that due to high
permeability of the crust, strength measured at vane test at this level was partially
drained.
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Figure 3.11 Undrained strength profiles of Sarapuí clay: (a) laboratory tests and stress history
equations – CIU and CK0U tests (Ortigão, 1980); (b) in situ tests profiles.

Natural clays are anisotropic and strength parameters can change with direction.
In order to study anisotropy vane tests using different sizes of vane blade (H/D = 2, 0.5
and 4) were performed on Sarapuí clay (Collet, 1978; Costa Filho et al., 1977). From
these simplified studies, where limitations are recognized nowadays (Wroth, 1984), it
seemed that strength anisotropy of Sarapuí clay is not important.

Collet (1978) carried out a series of vane tests at the Sarapuí site, and obtained
the Su average profile shown in Figure 3.11B. Ortigão & Collet (1986) improved the
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Figure 3.12 Normalized undrained versus OCR − CIU and CK0U tests (Ortigão, 1980).

vane test equipment to decrease friction and obtained another Su average profile, with
Su values higher than before (Figure 3.11B). Using the new vane data, the normalized
Su/σ

′
vm average relationship is 0.35 (Almeida, 1986), in accordance with the relation-

ship proposed by Leroueil et al. (1983), Su/σ
′
vm = 0.2 + 0.0024IP, for eastern Canadian

clays, where σ′
vm is the vertical preconsolidation stress.

Values of Su deduced from dilatometer tests (Vieira 1994) are lower than Su values
from vane tests. Differences from in situ tests are probably due to different stress paths
and empirical factors of piezocone and dilatometer. It is well known (Wroth, 1984)
that each in situ or laboratory test follows a certain stress path, which then results in
a given undrained strength Su.

Normalized Su increases with OCR, in a different way for CIU and CK0U tests
(Figure 3.12). For OCR = 1, the curves present the same Su/σ

′
vc, but as OCR increases,

for CK0U tests Su/σ
′
vc relationship is lower. The variation of the normalized strength

with OCR has been well predicted using critical state parameters (λ, κ, M) for both
isotropic and anisotropic consolidation conditions (Almeida, 1982). As expected, and
seen in Figures 3.11A and 3.12, for triaxial tests carried out using Shansep method,
CIU tests presented systematically higher Su normalized value than CK0U tests.

3.5.2 Effective strength parameters

Figure 3.13 shows the stress path of CIU tests carried out at different consolidation
pressure (σ′

vc) (Ortigão, 1980); stress state at rupture from CK0U tests (Ortigão, 1980)
and CIU tests (Costa Filho et al., 1977), all performed on samples below crust. The
average strength envelope was obtained from tmax = ((σ′

1 − σ′
3)/2)max values. The fric-

tion angle of Sarapuí clay is φ′ = 25◦ and effective cohesion varies between c′ = 0 and
c′ = 1.5 kPa, as shown in Figure 3.13 (Costa Filho et al., 1985; Gerscovich et al., 1986).
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Figure 3.13 Strength envelopes of Sarapuí soft clay.

Figure 3.14 Variation of G and Gmax with depth.

The strength envelope obtained (Gerscovich, 1983; Bressani, 1983) for the dessi-
cated crust soil (0.2 m to 1.0 m) resulted in strength parameters c′ = 0 and φ′ = 31◦,
thus higher than that of the clay layer below.

3.6 DEFORMATION DATA

Francisco (1997) performed seismic cone penetration tests at Sarapuí site using a seis-
mic CPT with geophones at cone tip in order to obtain maximum shear stiffness
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Figure 3.15 Variation of normalized undrained strength of Sarapuí clay with strain-rate (Ortigão, 1980).

(Gmax) variation with depth. These results compared with results from UU triaxial
tests, G = Eu/3 (Ortigão 1980) show, as expected (see Figure 3.14), quite low G values
obtained from UU tests. A G/Gmax profile was obtained (Francisco, 1997), and thus
G values can be inferred from Gmax values.

3.7 VISCOUS BEHAVIOR

3.7.1 Strain rate during shearing

Undrained shear strength changes from 5 to 20% per logarithm cycle of strain rate,
and a typical increase of 10% per logarithm cycle of strain rate (Leroueil & Marques,
1996) is usually assumed. Evidence of strain rate effect on Sarapuí clay normalized Su

(with confining stress σ′
c) was presented by Ortigão (1980), and an average increase

of 15% per logarithm cycle of strain rate was measured on CIU tests performed in
normally consolidated samples, as shown in Figure 3.15.

3.7.2 Strain rate during constant loading oedometer tests

Feijó (1991) carried out long-term oedometer tests, under controlled temperature,
in order to study the secondary expansion of samples under different OCR values.
Figure 3.16 shows volumetric strains variation with time. First, the samples were
loaded in the overconsolidated range and then unloaded to different values of OCR.
For OCR between 1.5 and 2 after some expansion, the sample begins to compress
again. For OCR of 8 and 12 there is secondary expansion during the test.

For OCR between 2 and 6, secondary swelling is not significant and the sample is
supposed to be at an equilibrated state, where strain rate is almost zero (Figure 3.17A).
Under this OCR range, the coefficient of earth pressure lies between 0.77 and 1.23,
which is the range of K0 at equilibrium state (Figure 3.17B).
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Figure 3.16 Volumetric strains observed after unloading of Sarapuí clay (Feijó, 1991).

Figure 3.17 Zone of indifferent equilibrium of Sarapuí clay (Feijó & Martins, 1993).
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Figure 3.18 Sarapuí test site.

This behavior is quite important for design of pre-loading of embankments, since
it is possible to decrease secondary compression of clay, when unloading from this
OCR range.

3.8 FIELD STUDIES

Two test embankments were built in the 70’ as shown in Figure 3.18. The Embankment
I was built until rupture, 30 days after the beginning of loading in December/1977.
Embankment II was built in November/1980 and heightened five years later and mon-
itored during almost 10 years after first loading. The majority of the studies described
above were associated with the design of these trials, and an extensive comparative
analysis between laboratory and in situ test results and field results was performed
(Ortigão et al., 1983; Almeida et al., 1989).

3.8.1 Embankment I

Three sections of the embankment were instrumented with hydraulic piezometers,
inclinometers, horizontal extensometers, settlement plates and surface marks (Ortigão
et al., 1983).

The beginning of fissuring occurred when embankment was at the height of 2.5 m.
At this time the strain rate increased rapidly and at a height of 2.8 m fissures were 5 cm
wide and at 3.1 m the rupture was generalized. Subsequent analysis (Almeida, 1985;
Sandroni, 1993) of this case history indicated that the actual failure took place when
the embankment was the height of 2.5 m. It is well known that for design purposes a
Bjerrum type correction has to be applied to the Su value measured in vane tests. The
re-analysis of Embankment I failure using a 3D failure surface has shown (Sandroni,
1993; Pinto, 1992) that the correction factor for Sarapuí clay is µ = 0.70, which lies
slightly above (for a typical IP = 80) the µ versus IP relationship proposed by Azzouz
et al. (1983), for this type of failure.
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Figure 3.19 Settlement curve – Embankment I.

Figure 3.19 shows the variation of settlement and height of Embankment I with
time, for settlement plates at the centerline of the embankment. At the beginning of
fissures (H = 2.5 m) the embankment was not maintained at this height for more than
one day, therefore there was no time for deformations due to this loading to develop.
The failure could have occurred at this height, if it was maintained for a longer period,
before increasing to 2.8 m. The rupture developed slowly, in a progressive way, so it
may have mobilized larger strains, at smaller Su values, going to critical state.

During construction time (30 days) the clay deposit was partially drained, par-
ticularly the crust (Ortigão et al., 1983; Gerscovich et al., 1986). This consideration
implies in significant increase of the crust’s Su, when back-analysing the clay failure.

The hypothesis of partial drainage is consistent with piezometric measures at the
middle of the embankment and at the top of the deposit. There was pore-pressure
dissipation during early stages of construction.

Embankment I was analysed numerically (Almeida, 1981; Almeida & Ortigão,
1982) using the modified Cam-clay model. As shown in Figure 3.4, the yield surface of
Sarapuí clay is not far from isotropic. Moreover, this model has provided good insight
for other case histories in Brazil (Antunes Filho, 1996) and was therefore also used
here. Analyses were performed for both, undrained and partially drained conditions
(using Biot 2D consolidation theory) using the same critical state parameters, but with
vertical and horizontal hydraulic conductivities for the partially drained case. Good
overall agreement between measured and numerical values of base settlements and pore
pressures was observed just for the partially drained case (coupled consolidation), but
not for the undrained condition, as shown in Figure 3.20, which suggests that even for
embankment loading during one month, some drainage may have taken place.

3.8.2 Embankment II

Embankment II was built 35 m wide and 315 m long, divided in seven-instrumented
sub-areas, where different types of drains were installed, as described in Table 3.1.
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Figure 3.20 Settlements at the embankment I base and pore pressure variation, for stages of
construction.

Loading was applied in two main stages and the final height was about h = 3.6 m.
The first stage of loading was applied during 1981, in two steps. The first step
(h = 0.7 m) during a month and the second, 200 days after, lasted approximately 2.5
months (h = 2.0 m). The second stage, in 1986, was applied only from section B to G,
in one week, until final height.

Pore pressure dissipation showed that top layer had a higher coefficient of
consolidation, as expected from tests on this layer (Gerscovich et al., 1986).

For the first stage of loading, when range of vertical effective stress was going
from 15 to 60 kPa, the cv from field data was difficult to analyze and compare. At
this stress range there is an important variation of cv when soil goes from overconsoli-
dated state to normally consolidated state, as shown in oedometer results presented on
Figure 3.9.

For the second stage of loading, from 60 to 80 kPa, at normally consolidation
range, the cv from oedometer tests remained almost constant with vertical stress
(Figure 3.9).

Table 3.2 shows average coefficient of vertical and horizontal consolidation
obtained from laboratory, in situ tests and back-calculated from settlement data using
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Table 3.2 Ch and cv data (adapted from Almeida et al., 1992).

Depth cv ch

Test or data (m) Method Reference 10−8 m2/s 10−8 m2/s

Oedometer test 5–6 Taylor Coutinho (1976) 1.2 2.4
Piezocone 2.2–8.2 Houlsby & Danziger (1990) 1.6–4.4 3.1–8.7

Teh (1988)
Field instrumentation: whole Asaoka (1978) Schmidt (1992) 17.8* 3.1–4.4**
settlement plates layer
Field instrumentation: whole Asaoka (1978) Almeida et al. (1989) 22.6 4.2–8.1***
top settlement layer
magnetic gages
Field instrumentation: 3.3–8.3 Orleach (1983) Ferreira (1991) 2.2–4.5 1.2–2.8
Casagrande piezometers

*average value of central settlement plates.
**average value of central settlement plates (no smear, vertical drainage considered).
***smear but no vertical drainage considered.

Asaoka (1978) method, for the second stage of loading. From those results it was
observed that cv(field)/cv(laboratory) relationship range lies between 20 and 30.

Schmidt (1992) showed that low value of σ′
vf/σ

′
v0 can lead to error on cv determi-

nation with Asaoka’s method, as secondary consolidation gets quite important. The
good agreement between cv values obtained from laboratory tests, in situ tests, and
settlement site plates data by (Almeida et al., 1993a) for another site close to Sarapuí
was due to the high �σ′

v (24 m height fill), since almost no secondary compression was
observed.

Pinto (2001) discussed the validity of Asaoka’s method and observed that cv values,
as well as final settlement value, computed using the method are very susceptible to
monitoring time. From series of data analyzed within different periods of observation,
for the series with 100 days of observation the cv computed was 0.082 m2/day, while
after 4050 days, the cv was 0.005 m2/day.
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Chapter 4

Prediction of settlements and
horizontal displacements

This chapter deals with the calculation of settlements and their variation over time
(without PVDs) and the prediction of horizontal displacements.

4.1 TYPES OF SETTLEMENTS

Settlements are usually divided into immediate settlements (�hi), primary consolida-
tion settlements (�h) and secondary compression settlements (�hsec), as schematically
presented in Figure 4.1.

This classification of settlements is convenient for calculations, but it may be
considered simplistic. Alternatively, settlements may be classified as construction set-
tlements and long term settlements (Leroueil, 1994). Construction settlements are the
sum of immediate settlements, �hi, and of primary recompression settlements, �hrec

(from in situ stress to overconsolidation stress). Long-term settlements are the sum of

Figure 4.1 Types of settlements (Rixner, Kraemer and Smith, 1986).
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Figure 4.2 Immediate consolidation settlement; scheme of vertical displacements on the base of the
embankment (Poulos and Davis, 1974).

settlements by virgin primary consolidation, �hvc and secondary compression settle-
ments, �hsec. This classification is more realistic than the previous one, because, on
one hand, the immediate settlement, �hi, is combined with the recompression consoli-
dation settlements (line Cs), associated with greater values of consolidation coefficients
and, on the other hand, it considers that primary and secondary settlements may occur
in parallel.

4.1.1 Immediate settlement

Immediate settlements arise from instant loading and no variation of the clay volume.
Thereafter, they are also known as undrained, elastic or distortional settlement (see
scheme in Figure 4.2).

Usually, immediate settlements, �hi, are of small magnitude when compared to
consolidation settlements, �ha, particularly in the case of large embankments (length
and width), compared to the thickness of the soft clay layer.

4.1.2 Primary consolidation settlements

The magnitude of primary consolidation settlements must be calculated by dividing the
foundation layer into sublayers according to available data from consolidation tests.
The parameters can be obtained from the compression curve, as shown in Figure 4.3,
which also shows the determination of the overconsolidation stress (σ′

vm) using the
method proposed by Pacheco Silva (1970), which is more popular in Brazil than the
Casagrande’s method.

The equation for calculating primary consolidation settlements of a layer of
clay of thickness hclay, with effective vertical stress in situ σ′

vo and overconsolidation
stress σ′

vm is:

�h = hclay

[
Cs

1 + evo
· log

(
σ′

vm

σ′
vo

)
+ Cc

1 + evo
log

(
(σ′

vo + �σv)
σ′

vm

)]
(4.1)
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Figure 4.3 Compressibility parameters from the compression curve – Method of Pacheco Silva (1970).

where Cs and Cc are the recompression and compression indexes, evo, is the in situ
void ratio at the center of layer.

The increase in stress due to the loading of the embankment, �σv is calculated
according to the geometry of the problem, as shown in Figure 4.4A:

�σv = I · (γemb · hemb) (4.2)

where γemb is the unit weight of the embankment and hemb, its height (thickness).
The influence factor I (Figure 4.4B) is provided by the Osterberg chart (Poulos,

Davis, 1974). If the ratio b/z is high (greater than 3), i.e., wide embankments when
compared with the thickness of the clay layer, the embankment is considered infinite
and the factor I equals to 0.5 and �σv = 2 × 0.5 × γemb × hemb, considering the sym-
metry of the embankment, which is the most common case. The evo value obtained
from the compression curve for σ′

vo differs slightly from the eo value determined in lab-
oratory (indicated in Figure 4.3), as this is higher due to the unloading of the sample
during sampling.

As discussed in Chapter 3, poor quality samples cause alteration in the compression
curves; it is recommended that the correction of the compression curve be performed
according to the procedure proposed by Schmertmann (1955), shown in Figure 4.5.
In the case shown in the figure, for a sample of poor quality there is a significant
difference between the value of evo and eo, as discussed in section 2.7.2.
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Figure 4.4 (A) Parameters used for computing settlements; (B) Influence factor for trapezoidal loading
(Poulos and Davis, 1974).

Figure 4.5 Correction scheme for compression curve of the Schmertman consolidation test (1955).
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Figure 4.6 Embankment submersion scheme: (A) beginning of loading; (B) after settlement �h.

Effect of embankment submersion

Calculation of settlements when considering the effect of submersion of an infinite
embankment is iterative. Initially, the settlement value is calculated disregarding sub-
mersion of the embankment, which corresponds to the first iteration j, according to
Equation (4.3), simplified for normally consolidated clay:

�hj = hclay
Cs

(1 + evo)
· log

(
(σ′

vo + γembhemb)
σ′

vo

)
(4.3)

Assuming the water table coincides with the ground level (Figure 4.6A), the height
of the embankment hemb is then divided into h1 and h2 (=�hj), corresponding respec-
tively to the non-submerged and submerged parts (submerged unit weight = γ′

emb),
as shown in Figure 4.6B. The settlement calculated in the second iteration �hj+1 is
given by:

�hj+1 = hclay
Cs

1 + evo
· log

(
(σ′

vo + γembh1 + γ′
embh2)

σ′
vo

)
(4.4)

The calculations must be done until convergence is achieved, i.e., until the set-
tlement �hj+1 of the current iteration j + 1 coincides with the settlement �hj of the
previous iteration j. This calculation procedure is valid for a layer of thickness equal
to the clay. If there are two or more sublayers, the value h2 (Figure 4.6B) should be
equal to the sum of the settlements of all sublayers. The procedure described should
be modified in case the water level does not coincide with the ground level.

Figure 4.7 shows an example of iterative calculation of a typically consolidated
clay layer with hclay thickness equal to 5 m, 10 m and 15 m, and for embankment
thickness equal to 3 m (Figure 4.7A). As expected, the difference between settlements
with and without submersion increases with the thickness of the clay layer.
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Figure 4.7 Settlement considering submersion of embankment: (A) geotechnical model studied;
(B) variation of settlement calculated according to iterations.

Calculation for a fixed elevation of the embankment

The most common practical case is when settlement of an embankment must be stabi-
lized at a fixed elevation, for example, embankments on bridge approaches and around
piled buildings. The calculation process is iterative and in such cases, the settlement �h
is used on both sides of the equation (Pinto, 2000) valid for a normally consolidated
layer:

�h = hclay
Cs

1 + evo
· log

(
(σ′

vo + γembhemb + γ′
emb�h)

σ′
vo

)
(4.5)

Figure 4.8 shows the variation of settlements for fixed embankment elevations for
several clay layer thicknesses, assuming ground level at elevation +0 m. This figure
shows that the necessary embankment thickness to reach a given elevation can be very
high. For example, in the case of a 15 m thick clay layer and an embankment that must
reach +3 m, the embankment thickness must be around 5 m, i.e., a 2 m settlement. For
the same elevation, when the thickness of the clay increases, it is also necessary to
increase the thickness of the embankment.
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Figure 4.8 Embankment height versus fixed elevation of embankment for different thicknesses of clay
layers.

Variation of primary consolidation settlements with time

The calculation of settlement variation over time can be done for two drainage condi-
tions: one-dimensional drainage and radial drainage. The later is related with the use
of prefabricated vertical drains (PVDs) installed to accelerate settlement, discussed in
detail in Chapter 5.

One-dimensional drainage – 1D

The calculation of settlements versus time in case of vertical drainage is based on
Terzaghi’s theory (Terzaghi, 1943). The calculation of settlement �h(t) at a given time
t is performed by multiplying the primary consolidation settlement �h by the average
degree of vertical consolidation UV (calculated according to Terzaghi theory), thus:

�h(t) = Uv · �h (4.6)

where Uv is a function of the time factor Tv, according to Figure 4.9, for the conditions
of drainage shown.

The time factor is a function of the coefficient of consolidation (cv) and the drainage
distance (hd):

Tv = cvt

h2
d

(4.7)

The drainage distance is equal to the thickness hclay of the clay layer, in the case of
single drainage, and equal to hclay/2, when the layer has drainage on both sides. The
choice of the design cv value is of great importance for an accurate estimation of the
variation of settlements over time. In general, data from laboratory tests (cvlab) and
field tests (cvpiez) are used for this purpose (see section 3.9). Back-analysis of settlement
curves versus time supply cvfield data, which is very useful in the verification of the



70 Design and Performance of Embankments on Very Soft Soils

Figure 4.9 Variation of the degree of vertical consolidation with time factor.

design hypothesis. This is discussed in detail in Chapter 8. In usual loading cases, the
following simplified equations can be used for calculation of Tv:

For Uv ≤ 60%

Tv =
(π

4

)
U2

v (4.8)

For Uv ≥ 60%

Tv = 1.781 − 0.933 log(100 − Uv(%)) (4.9)

Figure 4.10 presents settlement versus time curves for a 3 m thick clay layer and
embankment with elevation +3 m, with natural terrain elevation +0.5 m, that is, the
minimum thickness necessary for an embankment without compensating the settlement
is 2.5 m. In this case, the primary consolidation settlement for the fixed embankment
elevation +3 m is equal to 0.95 m. Thus, it is necessary to use an embankment with
thickness of at least 2.5 m + 0.95 m = 3.45 m to compensate for settlements. However,
as long as stability is ensured, use of higher fills may be convenient to accelerate
settlements. This procedure, detailed in Chapter 5, is known as temporary surcharge,
as it is removed when the desired settlement and time are reached.

Calculations shown in Figure 4.10 were performed with a value of cv = 5.0 ×
10−8 m2/s for three different embankment thicknesses: 2.5 m, 4 m and 5 m, and the
later thickness allows the fill to be removed in 22 months. In this case, the fill thickness
to be removed is (5.0 − 0.95) − 2.5 = 1.55 m.

Figure 4.11 shows the period required for Uv = 95% versus the thickness of the
clay layer. As the usual time required for stabilization of settlements is of a maximum
of three years, PVDs are used for settlement acceleration in the case clay layers are
thicker than 5 m with consolidation coefficients around 5.0 × 10−8 m2/s.
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Figure 4.10 Variation of settlements over time for different embankment thicknesses.

Figure 4.11 Stabilization time for 95% of settlements versus thickness of clay (double drainage).

Non-instantaneous loading

Usually, the variation of settlement over time for instant loading of embankment
(construction time zero) is computed and presented. However, in reality, the usual
construction time tc for each loading phase is a few months. Thus, this changed set-
tlement curve for tc different than zero might be presented according to the scheme
shown in Figure 4.12, where two examples of settlement variation versus time for
construction time of 30 and 360 days are shown. In this case, the method, as proposed
by Terzaghi (1943) may be adopted which assumes that: a) settlement is equal to that
which would occur if it were made instantaneously during half of the construction
period tc; b) settlements are proportional to loading. Thus, for time tc, the settlement
would be the same as in tc/2. For times greater than tc, the curve is obtained when
corrected by the displacement of the instant settlement curve in a time tc/2. For times



72 Design and Performance of Embankments on Very Soft Soils

Figure 4.12 Settlement versus time: influence of non-instantaneous loading.

t < tc, this method assumes that the settlement at a time t for non-instantaneous loading
is equal to the settlement that occurs at time t/2 and proportional to the applied load.

4.1.3 Secondary compression settlement

“Deformations at the end of primary consolidation and which cannot be attributed
to small remaining excess pore pressure in the test specimen, are called secondary
consolidations’’ (Martins, 2005). Considering that primary consolidation is related
to dissipation of pore pressure, but the same does not happen with the “secondary
compression,’’ the latter name is adopted here instead of “secondary consolidation.’’

Researchers consider two hypotheses in compression:

• Hypothesis A, the traditional one, considers that secondary compression only
happens after the end of the primary consolidation and does not depend on
drainage conditions (Mesri, 1975; Jamiolkowski et al., 1985);

• Hypothesis B considers that the clay compression is due to structural soil viscosity,
i.e., the vertical strain rate, and temperature. There are several approaches to this
phenomenon (e.g., Taylor and Merchant, 1940; Mitchell, 1964; Kavazanjian and
Mitchell, 1984; Leroueil et al., 1985; Martins and Lacerda, 1985; Leroueil and
Watabe (2012).

Traditional approach to secondary compression: Hypothesis A

Secondary compression is seen in the laboratory, as shown in Figure 4.13A, where
compression curves at the end of primary consolidation are shown as well as the
traditional 24-hour curve (Martins, 2005). The traditional approach to secondary
compression assumes that it occurs after the end of the primary consolidation, and for
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Figure 4.13 Traditional approach of secondary compression: (A) compression curves at the end of
primary and after 24 hours; (B) variation of void ratio of a loading stage (Martins, 2005).

each increase of applied vertical stress, the coefficient of secondary compression Cα is
calculated, as shown in Figure 4.13B.

As shown in Figure 4.13, the variation of the primary consolidation settlements
over time is calculated according to Equation (4.1) until the end of the primary con-
solidation (time tp for instance corresponding to U = 95%). Then, the secondary
compression settlements �hsec start, which may be calculated according to:

�hsec =
Cα · hclay · log t

t∗p
(1 + evo)

(4.10)

The total settlement over time, according to this approach, is calculated as:

t ≤ tp ⇒ �h(t) = U(Tv) · �ha (4.11)

t = t∗p ⇒ �h(t∗p) = �ha (4.12)

t ≥ t∗p ⇒ �h(t) = �ha + Cα · hclay

1 + evo
log

(
t
t∗p

)
(4.13)

where t∗p is shown in Figure 4.14, for field analysis.
This approach is easy to use but the magnitude of secondary settlements obtained

over time using this method is questionable, since it considers the fact that the sec-
ondary compression is endless as Cα is considered constant, i.e., the voids ratio would
go towards negative values with time, which is not possible physically.
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Figure 4.14 Settlement curve versus time (Martins, 2005).

Figure 4.15 Comparison between theoretical and experimental curves (Feijó, 1991).

Influence of the relation �σv/σv on secondary compression

Leonards and Girault (1961) noted that the larger the value of the ratio �σv/σv, the
more the consolidation curve approaches Terzaghi’s theoretical curve. Figure 4.15
shows experimental results (Feijó, 1991) that confirm this statement and this is the
reason for which the ratio �σv/σv = 1 is used in the laboratory. The smaller the loading
ratio, the larger the contribution of the secondary compression settlement and the more
the experimental curve will differ from the theoretical curve.

Theory of Taylor and Merchant (1940) – Hypothesis B

Taylor and Merchant’s theory (1940) is based on the structural viscosity of the soil.
It considers the influence of the ratio �σv/σv and it predicts that secondary compres-
sion in the field occurs in parallel with primary consolidation (hypothesis B). Thus, it
is a step beyond the Terzaghi and Fröhlich (1936) theory. Figure 4.16 shows the solu-
tion of the equations for this theory (Martins, 2005) in terms of the average degree of
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Figure 4.16 Average percentage of consolidation UTM ×Tv – Theory of Taylor and Merchant (Martins,
2005).

consolidation UTM versus the time factor Tv for the parameter r = 0.7, which is defined
from the relation between the primary and total settlements r = �ha/(�ha + �hsec).
F is the additional calculation parameter necessary when using this theory and is
defined by:

F = µh2
d

rcv
(4.14)

where µ is the value of soil viscosity.
The value of F for field conditions is usually around 10 and, as shown in Figure

4.16, the solution for this value of F is close enough to the solution for F = ∞ (Martins,
2005). Thereby, the trace line of the field settlement curve according to the theory
consists in estimating the value of r and the line of the UTM curve versus T for F = ∞,
thus allowing calculation of the settlement at any time t, by multiplying the total
settlement by the UTM value.

Calculation of the magnitude of total settlements (primary + secondary) using the
curve UTM × Tv requires estimating the �hsec value, which is shown below, based on
studies with Brazilian clays.

Remy et al. (2010) applied the theory of Taylor and Merchant (1940) in back-
analysis of settlements of two test embankments with vertical drains. There was good
correlation between the values of consolidation coefficient measured in the laboratory
and those obtained from their back-analysis, for which they adopted cv = ch.

Estimate of the secondary compression settlement �hsec according to
Martins (2005)

Based on laboratory data, Martins (2005) proposed that the maximum secondary
consolidation settlement corresponds to the variation of vertical strain from the 24h
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Figure 4.17 Construction of end of secondary line.

curve to a line of OCR = 1.5, for a given effective vertical stress (σ′
vf) acting on a soft

clay, as shown in Figure 4.17.
The end line of secondary compression in diagram e × σ′

v may be obtained in the
laboratory, generating an OCR = 2, from the end of primary, or an OCR = 1.5 from the
24-hour line. This is the reference line for the calculation of consolidation settlements.
Thus, the calculation of the secondary compression settlement may be associated with
the calculation of primary consolidation settlements, assuming compression until stress
1.5σ′

vf , followed by unloading until σ′
vf .

Thus, for CR = Cc

1 + ev0
, and assuming that

CS

Cc
= 0.15:

�hsec = hclayCR log
(

1.5σ′
vf

σ′
vf

)
− hclay(0.15CR) · log

(
1.5σ′

vf

σ′
vf

)
(4.15)

�hsec

hclay
= 0.15CR (4.16)

Thereby assuming a CR value of 0.40, common in very soft clays, one obtains
�hsec = 0.06 hclay. Thus, for clays of thickness hclay = 10 m, the estimated secondary
settlement is �hsec = 0.60 m. Using hclay fixed height = +3 m Figure 4.8 shows a
primary consolidation settlement �ha = 1.5 m (thickness of embankment – fixed
height = 4.5 m − 3.0 m, see Figure 4.8). These values result in r = 1.5/(0.6 + 1.5) = 0.7,
confirming the importance of the secondary compression settlements compared to the
primary consolidation settlements for clays of high CR value.

4.2 STAGED EMBANKMENT SETTLEMENTS

If the embankment is not stable to build in a single stage, alternative building methods
must be used, one of which is to build the embankment in stages (Almeida, 1984; Ladd,
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Figure 4.18 Scheme of an embankment built in two stages.

1991), allowing time for the foundation’s soft soil to gain strength before adding the
next layer.

Two types of calculations are relevant when building the embankment in stages:
calculation of the settlement variation over time described below, and stability
calculations, described in Chapter 6.

Stage construction is shown in Figure 4.18 for the case of two stages: the first, for
t = 0 (Figure 4.18A), and the second, for t = t1 (Figure 4.18B). The most common is
the use of two or three construction stages.

Calculation of settlements of staged constructed embankment follows the usual
procedure; however, stabilization of 95% of the settlements of one stage before adding
the next stage is not usually adopted, because this would require a long time. Calcu-
lation of settlements for more than one stage must be performed according to the
following steps:

1 Calculating the total �h1 settlement correspondent to height of embankment h1

This calculation is done in the conventional way using the equations shown
throughout this chapter. Assuming, for simplification, that the clay is normally
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consolidated (σ′
vm = σ′

vo), and neglecting embankment submersion effects, the final
settlement of the first stage of loading is:

�h1 = hclay1 · [Cc/(1 + evo)] · log[(σ′
vo + γemb · h1)/σ′

vo] (4.17)

2 Calculating the settlement variation �h1(t) = �h1 · U1 for each time t, through
t1, corresponding to the beginning of the second stage. Usually U1(t1) ≥ 60%, is
adopted and the value of U1 used is the one corresponding to the vertical drainage
without drains, or radial or combined drainage when using PVDs.

In case of thicker layers, staged construction is usually associated with the use
of PVDs (radial drainage), which allow the clay to gain strength faster. However,
loading in stages can also be associated to solely vertical drainage, in case of
thinner layers.

3 For settlement calculation after time t1, values of each sublayer must be used
according to Figure 4.18B, namely:
a. Thickness of layer:

hclay1 = hclay − �h1 · U1 (4.18)

where U1 = U1(t1).
b. Effective vertical stress in time t1:

σ′
v1 = σ′

vo + U1 · (γemb · h1) (4.19)

4 Settlement after the time t1 comes from 2 portions:
a. Settlement that has yet to occur, referring to the height of embankment h1,

corresponding to the increment of effective stress, referring to pore pressures
yet to be dissipated:

�σ′
v1 = (1 − U1) · (γemb · h1) (4.20)

b. Settlement referring to the height of embankment h2, corresponding to the
increment of effective stress in stage 2:

�σ′
v2 = γemb · h2 (4.21)

Assuming the clay is normally consolidated (σ′
v1 > σ′

vm), total settlement for
second stage will be:

�h2 = hclay1 · [Cc/(1 + evo)] · log[(σ′
v1 + �σ′

v1 + �σ′
v2)/σ′

v1] (4.22)

5 Calculation of settlement variation �h2(t∗) = �h2. U for each time t∗, considering
t = tA the new origin of time t∗ = 0, as shown in Figure 4.18C.

A value for cv may be adopted for stage 2 that is different from the correspond-
ing value at stage 1 (e.g., Coutinho, Almeida and Borges, 1994), as the coefficient of
consolidation decreases with increase of effective stress and also as the clay goes from
overconsolidated to normally consolidated. However, as the overconsolidated condi-
tion is usually reached at the end of construction (Leroueil et al., 1978; Leroueil and
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Figure 4.19 Evolution of settlements over time.

Tavenas, 1986), in general the normally consolidated value of cv is utilized, which is a
bit more conservative in terms of construction periods. In general, the ground level is
superficial, thus it is necessary to consider the submersion in a the calculation of �h1

and �h2.
In case of a third stage, items 3 to 5 should be repeated.
Settlement calculation for staged loading may be done quickly by using spread-

sheets. Figure 4.19 shows an example of a predicted settlement versus time. Curve for
an embankment built in three stages in extremely soft clay.

4.3 PREDICTION OF HORIZONTAL DISPLACEMENTS

The oedometer consolidation test simulates the behavior of a clay soil element that,
when loaded, has zero horizontal displacements, such as the soil element at the center
of an embankment. However, at the edges of the embankment, where there is no lateral
confinement, horizontal displacements (δh) may be of practical importance. This is the
case for structures adjacent to the embankment, where it is necessary to estimate the
horizontal displacements as well.

The displacement magnitude under an embankment is a result of the stress paths.
Considering an element of clay soil located under the center line of an embankment,
with initial stress I1 (Figure 4.20A), with the construction of an embankment in one
stage, the stress path is close to K0 line (I1 − C1 − E1), in the overconsolidated domain,
with relatively small displacements. In this domain, the magnitude of settlements is
high, but such settlements happen slowly, as the cv values are smaller. However, in
the case of proximity to failure, the horizontal displacements increase rapidly (see
Chapter 8).
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Figure 4.20 Estimate of the relation between maximum settlement under the center of an embankment
and maximum horizontal displacement of the edge of the embankment (Tavenas,Mieussens
and Bourges, 1979).

Maximum horizontal displacements (δhmax) may be estimated from the empiri-
cal correlation with the maximum settlements (�hmax) measured in the centerline of
the embankment, through the method proposed by Tavenas, Mieussens and Bourges
(1979), which correlated δhmax and �hmax (Figure 4.20B) through:

DR = �hmax

δh max
(4.23)

For embankments built in one stage, these authors concluded, from the analy-
ses of 15 embankments with slopes of about 1.5 a 2.5(H):1.0(V), built in deposits
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Figure 4.21 Maximum settlements versus maximum horizontal displacements for Embankments 3 and
6 (Almeida, 1984).

with OCR < 2.5 and without vertical drains, that there are two successive behavior
conditions during the loading phase:

1 Partially drained: during the initial loading phase – because of the initial cv of the
overconsolidated soil – horizontal displacements happen quickly and are initially
much smaller than vertical displacements, which results in the correlation:

DR = �hmax

δh max
= 0.18 (4.24)

2 Undrained: as effective stresses increase with loading, the clay layer moves into
the normally consolidated range, and the horizontal displacements become of the
same magnitude as the vertical displacements, resulting in the correlation:

DR = �hmax

δh max
= 0.9 (4.25)
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3 In the consolidation stage following construction, the authors concluded that the
horizontal displacement continues to increase linearly with settlement, based on
the analyses of twelve embankments, resulting in the correlation:

DR = �hmax

δh max
= 0.16 (4.26)

For more complex cases, according to Ladd (1991), the correlations proposed by
Tavenas, Mieussens and Bourges (1979) have limited applicability to the conditions
of the analyzed cases. Ladd (1991) emphasizes that the significant deviations of the
patterns described here may be found in case of PVDs and more so in the case of
loading in stages and foundations with large areas on yield conditions.

Results achieved by Almeida (1984) confirmed Ladd’s findings as shown in Figure
4.21, which shows diagrams of maximum vertical displacement versus horizontal dis-
placement for Embankments 3 and 6 (see item 7.2.6), both built in stages, the first on
virgin foundation and the latter on a foundation supported by granular columns. It is
worth noting that the DR values resulting from the consolidation phases in each stage
of both embankments are far superior to the one obtained from Equation (4.26).

4.4 FINAL REMARKS

The expected settlements for embankments on very soft compressible deposit are gen-
erally quite high. Brazilian soft clays are in general lightly overconsolidated and present
compression ratio values of CR above 0.25 (see Annex). In clays with very high com-
pressibility as for instance those found in Barra da Tijuca (RJ), vertical strains caused
by the construction of the embankment to achieve a fixed height in the order of 3 m
may be about 30% (Almeida et al., 2008c).

The analyses presented in this chapter are current analyses to be performed in
engineering practice. However, more sophisticated analyses regarding the behavior of
soft soils using analytical or numerical methods are becoming quite common more
recently (e.g., Chai and Carter, 2011).

The magnitude of settlements and their progress over time, as well as the post-
construction settlements, must be considered when choosing the construction method
to be adopted, which also depends on the objectives of the area to be used. Generally,
in cases of residential or commercial buildings, or railroads embankments, post- con-
struction settlements are not acceptable. However, in some cases of industrial sites and
road embankments some amount of post-construction (either primary or secondary)
settlements may be tolerated.

Because of the possible discrepancies between expected behavior and actual
behavior, it is essential that embankments on soft clays be monitored (see Chapter 8),
so that adjustments can be made during the construction period.



Chapter 5

Acceleration of settlements: use of
vertical drains and surcharge

Vertical drains promotes faster settlements due to the decrease of the drainage path
within the compressible soil mass to about half the horizontal distance between drains.

Temporary surcharge also accelerates settlements related to the primary con-
solidation and it decreases post-construction settlements. Thus, the combination of
prefabricated vertical drains and temporary surcharging fully explores the benefit
of rapid consolidation. Vertical drains and surcharge are widely used in the con-
struction of embankment for roads, railroads, airports, ports and storage areas in
general.

5.1 EMBANKMENTS ON VERTICAL DRAINS

Vertical sand drains were first used in the late 1920s, in California, United States, and
the use of prefabricated vertical drains (PVD) started in the 1970s. A PVD consists of
a PVC core with a geotextile filter around it.

PVDs should have high mechanical resistance, which guarantees their structural
integrity during installation. This allows them to resist both driving stresses and forces
from horizontal and vertical deformations during the consolidation of the soil mass.
In contrast, traditional sand drains are very susceptible to damage during their imple-
mentation and operation. In very soft clays, sand drains may suffer shear failure that
causes them to become inoperative.

The direction of the water flow within the soil mass goes from predominantly
vertical to mostly horizontal (radial) with the installation of vertical drains. The water
collected by vertical elements is directed to the natural ground surface, to the drainage
blanket, which must have sufficient thickness and inclination to be released to the
atmosphere by means of gravity or by pumping, depending on the length of the blan-
ket. Horizontal drains can be installed inside the blanket (Figure 5.1A) to facilitate
water release (see section 5.3). At the end of the installation, vertical drains may
be covered by the drainage blanket or by an embankment, as seen in the outline of
Figure 5.1B.

Figure 5.2 illustrates the advantage of using vertical drains to accelerate the set-
tlements of an embankment on soft soil, when comparing the evolution of settlements
with time of an embankment without drains on a thick layer of soft soil.

The theoretical and practical aspects related to the use of vertical drains are
addressed by Magnan (1983) and Holtz et al. (1991) and are summarized below.
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Figure 5.1 Outline of PVD installation in a soft clay layer underlying an embankment.

Figure 5.2 Settlements versus time: with and without drains.

5.2 VERTICAL DRAINS

5.2.1 Theoretical solutions

The consolidation of a compressible soil layer, considering only a vertical water flow,
one-dimensional (1D), is given by the differential equation:

∂u
∂t

= cv
∂2u
∂z2

(5.1)

Three-dimensional consolidation (3D), considering flow in directions x, y and z,
is governed by the equation:

∂u
∂t

= ch

[
∂2u
∂x2

+ ∂2u
∂y2

]
+ cv

∂2u
∂z2

(5.2)
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Considering isotropic conditions in directions x and y, the coefficient of horizontal
consolidation is given by:

ch = kh(1 + evo)
avγw

(5.3)

where:
evo – initial void ratio corresponding to the effective vertical stress in situ;
av – coefficient of compressibility;
x, y, z – coordinates of a soil mass point;
u – excess pore pressure;
cv and ch – consolidation coefficients for vertical and horizontal drainage, respectively;
kv and kh – vertical and horizontal coefficients of permeability, respectively;
γw – specific weight of water.

Equation (5.2) represents consolidation from a combined vertical and horizontal
flow occurring, for instance, on the edges of an embankment without drains. When
using vertical cylindrical draining elements, Equation (5.2) may be transformed to
cylindrical coordinates:

∂u
∂t

= ch

[
1
r

∂u
∂r

+ ∂2u
∂r2

]
+ cv

∂2u
∂r2

(5.4)

where r is the radial distance measured from the drainage center to the point considered.

5.2.2 Consolidation with purely radial drainage

If vertical drainage in the soil mass is disregarded, then the pure radial drainage is
given by the Equation:

∂u
∂t

= ch

[
1
r

∂u
∂r

+ ∂2u
∂r2

]
(5.5)

Barron (1948) solved Eq. (5.5) for a cylinder of soil with cylindrical vertical
drain, for the condition of vertical equal strain, thus obtaining the average rate of
consolidation of the layer, Uh:

Uh = 1 − e−[8Th/F(n)] (5.6)

where:

Th = ch · t
d2

e
(5.7)

Th – time factor for horizontal drainage;

F(n) = n2

n2 − 1
ln(n) − 3n2 − 1

4n2
∼= ln(n) − 0.75 (5.8)

n = de

dw
(5.9)
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Figure 5.3 Geometric parameters of drains: (A) area of drain influence and detail of unit cell; (B) detail
of equivalent section of a PVD.

where:
de – diameter of influence of a single drain (Figure 5.3A);
dw – diameter of drain or equivalent diameter of a geodrain with rectangular section
(Figure 5.3B);

Barron (1948) also solved the equation for free strain condition. In this case,
vertical free strains are allowed on the surface of the influence cylinder of one drain
as consolidation occurs. This solution is presented in terms of Bessel functions and for
values of n > 5 (the case of PVDs) the two solutions are very similar. For this reason,
the solution for the equal strain condition is generally used because of its simplicity.

The value of ch that should be used can be defined by laboratory or in situ tests,
as described in detail in section 3.4.6.

It is worth mentioning that the values to be used for the coefficients of consolida-
tion are the ones related to the stress range relevant to the problem. The use of cv or
ch for normally consolidated conditions is appropriate in most cases of very soft soils.

5.2.3 Diameter of influence and equivalent diameter of PVDs

Figure 5.3 shows the geometric parameters of the drains to be discusses here. The
diameter of influence of a drain de (see Figure 5.3A) is a function of drain spacing
and its configuration in a triangular or square pattern with spacing equal to l. For the
square pattern, shown in Figure 5.4A, for equal areas of square and circle one obtains:

l2 = πd2
e

4
and de = l

√
4
π

(5.10)

Thus obtaining the diameter of influence of a square mesh:

de = 1.13 l (5.11)

And for the triangular pattern represented in Figure 5.4B, when the area of the
equivalent circle is equated to the hexagon:

π · d2
e

4
=

√
3

2
l2 and de =

√
2
π

√
3 l (5.12)
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Figure 5.4 Geometric data of vertical drains: (A) square pattern; (B) triangular pattern.

That is, the diameter of influence for triangular pattern is given by:

de = 1.05 l (5.13)

PVDs are generally rectangular and their dimensions a and b (Figure 5.3B) are
typically 10 cm and 0.5 cm, respectively. The PVD is modeled by an equivalent diameter
(dw) which, according to Hansbo’s proposal (1979), must have the same perimeter of
a circular drain. Thus, the equivalent diameter of a PVD is represented by:

dw = 2(a + b)
π

(5.14)

Subsequent studies (Atkinson and Eldred, 1981; Rixner, Kreaemer and Smith,
1986) recommend the equivalent diameter of the PVD to be:

dw = (a + b)
2

(5.15)

In practice, Eq. (5.14) is used more often than Eq. (5.15). The difference in using
one or the other to calculate the spacing of the drains is negligible because of the
wide variation of ch throughout the layer profile. Hansbo (2004) presented equivalent
diameter values (according to Eq. 5.14) varying between 62 mm to 69 mm for fifteen
PVDs available in the market and an average value of 65 mm.

5.2.4 Consolidation with combined radial and vertical drainage

When using a vertical drain in layers that have relatively small thickness vertical
drainage must be considered in addition to radial drainage. This combined drainage
was addressed theoretically by Carrillo (1942) who solved Eq. (5.4) to obtain the
average percentage of combined consolidation U:

(1 − U) = (1 − Uv) · (1 − Uh) (5.16)
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Figure 5.5 Cross sections of mandrel and anchor installation (Saye, 2001).

5.2.5 Influence of smear in PVD performance

The installation process consists of positioning the drain in the interior of a hollow
vertical metal rod known as mandrel. The PVD is then connected to an anchor, which
is lost during installation (see detail in Figure 5.5).

The disturbance of the clay (smear effect) around the PVD caused by the instal-
lation process decreases the permeability of the soil around it and therefore reduces
the consolidation rate and the efficiency of the PVD and furthermore, increases the
magnitude of total settlements (Saye, 2001). Therefore, installation of PVDs should be
hydraulic rather than by impact or vibration, which disturbs a larger volume of soil.

5.2.6 Influence of mandrel size on soil disturbance

The mandrel must have the smallest possible cross section to minimize disturbance. The
outer area of the mandrel should be around 70 cm2 (6 cm × 12 cm) to fulfill structural
requirements for the installation equipment on very soft soils. If the very soft clay
layer contains compacted sand layers or shells, or if its thickness is greater than 15 m,
it may be necessary to use a mandrel with external support, which may lead to greater
disturbance (Sandroni, 2006). Figure 5.5 shows examples of mandrel and anchor
footing.

Saye (2001) showed that the size of the mandrel and the anchor are responsible
for disturbances and defined the modified spacing ratio n′ = de/d∗

m, where d∗
m is the

equivalent diameter of the mandrel defined by its perimeter divided by π. The author
suggested a minimum distance between PVDs around n′ = 7, for a consolidation coeffi-
cient ch/cv = 1.0, valid for isotropic soft clays, and n′ = 10 for clays with consolidation
coefficient ratio ch/cv of about 4.0. In other words, for PVDs that are very close to each
other, the permeability reduction in the disturbed area can be excessive and reducing
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Figure 5.6 Disturbed region around a vertical drain.

the spacing becomes a disadvantage. This minimum distance is due to the sensitivity of
the soil and the geometry of the anchor footing and mandrel. Saye (2001) examined the
cases of constructions with different spacing and recommended a minimum distance
l between drains equal to 1.75 m for a case in which anchor footing with an area of
181 cm2 was used.

More recent studies by Smith and Rollins (2009), for an installation footing
area of 116 cm2, showed a minimum value between 0.9 m and 1.22 m. Smith and
Rollins (2009) recommended a minimum distance between PVDs of n′ = 8 for ch/cv

of about 4.0.

5.2.7 Parameters for consideration of disturbance (smear)

Figure 5.6 shows an outline of the disturbed area around a PVD. When considering
the disturbance, one should add to the value F(n), in Equation (5.8) the value Fs

corresponding to smear (Hansbo, 1981):

FS =
(

kh

k′
h

)
ln

(
ds

dw

)
(5.17)

where kh is the coefficient of permeability of the intact area and k′
h is the coefficient of

permeability of the disturbed zone, which diameter ds may be assumed equal to two
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Table 5.1 Dimensions and permeability ratio for the disturbed zone (adapted from Indraratna et al.,
2005).

Reference ds/dm kh/k′
h Observations

Barron (1948) 1.6 3 Assumed
Hansbo (1979) 1.5∼3 – Based on available literature at the time
Hansbo (1981) 1.5 3 Assumed in case study
Hansbo (1997); Basu, 2∼3 3∼4 Recommendations for design
Prezzi, Madhav (2010)

Bergado et al. (1991) 2 1* Laboratory tests and back analysis of embankments
on soft clay in Bangkok

Onoue et al. (1991) 1.6 3 Test interpretations
Almeida et al. (1993) 1.5∼2 3∼6 Based on authors’ experience
Indraratna & Redana (1998) 4∼5 1.15* Laboratory tests for Sydney clay
Hird et al. (2000) 1.6 3 Recommendations for design
Xiao (2000) 4 1.3 Laboratory tests for kaolin clays

*kh/kv

times the equivalent diameter of the mandrel dm (Hansbo, 1987), i.e., ds = 2dm, where
dm is given by:

dm =
√

4
π

w · l (5.18)

where w and l are the dimensions of a rectangular mandrel (Bergado et al., 1994).
The parameters for the effect of the disturbance resulting from installation

(k′
h and ds) may have great influence on pore pressure dissipation if the installation pro-

cess causes excessive disturbance. In the absence of data regarding k′
h Hansbo (1981)

recommends adopting:

kh

k′
h

= kh

kv
(5.19)

where kh is the coefficient of permeability of the area that remains intact and k′
h is the

coefficient of coefficient of permeability of the disturbed zone.
The coefficient of permeability relation kh/kv generally varies between 1.5 to 2 for

Brazilian soft clays (Coutinho, 1976), but can reach values of about 15 for stratified
clays (Rixner, Kreaemer and Smith, 1986).

Recommendations on the effect of disturbance are summarized in Table 5.1. The
range of values presented in the literature for the geometry of the disturbed area indi-
cates ds/dm between 1.5 and 5, with an average value of ds/dm = 2.3. Jamiolkowski
and Lancellotta (1981) suggested, for design purposes, ds/dm in the range 2.5–3.0.
The disturbed area usually has lower coefficient of permeability than the region which
remains intact. The studies suggest range of values for kh/k′

h between 1 and 6, with
an average value kh/k′

h = 2.5.
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Figure 5.7 Characteristic length of a drain.

5.2.8 The effect of well resistance

The discharge capacity of a drain is related to the drain cross section. This area
decreases with the increase of the soil horizontal stresses, bending of PVDs due to
settlement of the soft clay layer as well as clogging of the drains. In other words, PVDs
do not have infinite coefficient of permeability, as admitted by Barron (1948) in deriv-
ing Eq. (5.6). Orleach (1983) proposed that the hydraulic resistance of PVDs should
be given by the following equation derived from Hansbo (1981):

Wq = 2π
kh

qw
L2 (5.20)

where qw is the discharge capacity or flow of the PVD measured by testing for a unit
gradient i = 1.0; and L is the characteristic length of the PVD, defined as the length of
the PVD when drainage occurs only at one end (Figure 5.7A,C), and as half of it when
drainage occurs at both ends (Figure 5.7B).

If Wq < 0.1, the hydraulic resistance of the PVD can be disregarded, otherwise
Hansbo (1981) recommends adding to the value of F(n), Eq. (5.8), the value of Fq,
defined by

Fq = πz(L − z)
kh

qw
(5.21a)

Since Fq is a function of z, then Uh = f(z). Therefore, an average value of Uh is
adopted. For the specific case of double draining layer (Figure 5.7B), the equation to
be used is:

Fq = 2kh · πl2

3qw
(5.21b)

Long drains (greater than 20 m) with small discharge capacity may influence the
well resistance (Jamiolkowski et al. 1983).

Most PVDs available on the market have enough discharge capacity (qw >

150 m3/year), thus this issue may be negligible in a project (Hansbo, 2004). The
recently launched PVDs with integrated filter and core, also known as integrated PVDs
(Liu and Chu, 2009), offer more discharge capacity than conventional drains.
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5.2.9 Specification of PVD

The main characteristic a PVD should have is to be more permeable than the soil and to
maintain this permeability throughout its service life. To do so, a PVD is basically deter-
mined by qw and by the coefficient of permeability of the filter. Mechanic resistance
and flexibility are also important characteristics, because the PVD must withstand
driving operations and deformations imposed by the soil during consolidation.

Bergado et al. (1994) and Holtz, Shang and Bergado (2001) proposed that qw

should not be less than a value between (∼100 and 150 m3/year), when measured under
a unitary hydraulic gradient and under maximum effective lateral confining stress act-
ing in the field. The coefficient of permeability of the filter should be generally greater
than ten times the soil’s coefficient of permeability, by adopting the largest possible
filtering opening of the geotextile, based on the soil retention criteria described by:

O90

D50
< 1.7 to 3 (Schober and Teindel, 1979) (5.22)

O90

D85
< 1.3 to 1.8 (Chen and Chen, 1986) (5.23)

O50

O50
< 10 to 20 (Chen and Chen, 1986) (5.24)

where:
O90 – filter opening of geotextile, defined as the diameter of the biggest soil grain
capable of passing through it;
D50 and D85 – diameter of particles for which 50% to 85% of the soil mass are finer;
O50 – particle diameter for which 50% of the soil mass goes through the geotextile.

The PVDs available today present values of qw and O90, which must be analyzed
for each specific case, regarding permeability and granulometry (grain size) of the
soil. The resistance and mechanic flexibility requirements of the filter and core are
usually met.

PVDs that present a small reduction of qw when submitted to folding should be
specified if very significant settlements or horizontal deformations are expected.

5.2.10 Sequence for radial drainage calculations

The definition of the spacing between drains in order achieve a given average rate of
consolidation in soft clay deposit at a certain time has the following sequence:

1 Define the necessary geotechnical parameters: cv, ch, kv, kh/k′
h;

2 Define the installation layout, square or triangular pattern and relevant geometric
values: dw, dm, ds, and hemb. The triangular pattern is more efficient and the
square pattern is slightly easier to implement;

3 Estimate the discharge capacity of the PVD (qw) for the representative state of
stresses for the case;

4 Define the average degree of consolidation U to be achieved and the acceptable
time (tac) to obtain U;
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Figure 5.8 (A) horizontal drains; (B) detail of drainage well in (reinforced) embankment.

5 Define whether combined drainage will be considered or just radial drainage
(more conservative);

6 Define spacing l (first attempt) and calculate de;
7 Calculate Tv using Eq. (4.7) and, with Terzaghi’s theory, calculate the corre-

sponding Uv (Figure 4.9), for the time tac defined in step 4, if combined drainage
is adopted;

8 Calculate F(n) using Eq. (5.8), which should be added to Eq. (5.17) to include the
disturbance effect and to Eq. (5.21b) if the well resistance of the PVD is relevant;

9 Calculate Uh using Eq. (5.16), with to Uv calculated in step 7 for the assumed U
value. If only radial drainage is considered Uh = U;

10 Use Eq. (5.6) to calculate the value of Th with the value of Uh obtained in step
9 and F(n) in step 8; and using Eq. (5.7), the necessary time tcalc to obtain the
desired consolidation;

11 If tcalc > tac, gradually decrease l; and repeat steps 6 through 13, until tcalc < tac.

The typical spacing of PVDs usually varies between 2.5 m and 1.5 m, depending
on the work schedule and the parameters of the compressible soil.

5.3 DESIGN OF THE HORIZONTAL DRAINAGE BLANKET

When using PVDs, the water flow reaching the base of the embankment is of such
magnitude that a drainage blanket must be used and adequately designed so as not
to delay the consolidation process. In this case, horizontal gravel drains wrapped in
non-woven geotextile and known as "French drains" may be used inside the sand layer
Figure 5.8A). They should also be used when pumping water from the drainage wells
(Figure 5.8B) installed at the intersection of the French drains (Sandroni and Bedeschi,
2008).

Cedergren (1967) developed a method to calculate the total head loss hcd in a
drainage blanket. As shown in Figure 5.9, for a square drain layout with spacing l,
and for a conservative case of impermeable bottom layer, the discharge qd per drain is
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Figure 5.9 Detail of drainage mattress.

equal to the settlement rate r (equal �h/t) times l2 and y is the distance of the centerline
of the embankment to the point of (French drain) interest, or:

qd = r · l2 (5.25)

where the value of r should be estimated from the settlement curve versus time for the
start of consolidation. The height of load bearing loss in the drainage blanket is then
defined using the equation:

hcd = qd · y2/(2 · kblanket · A · l) (5.26)

where kblanket is the coefficient of permeability of the blanket material and A is the
area of the blanket that refers to a line of drains. For drain spacing l and blanket with
thickness hblanket,

A = l · hblanket (5.27)

Substituting (5.25) and (5.26) in (5.27)

hcd = r · y2/(2 · kblanket · hblanket) (5.28)

Allowing the height of load bearing loss on the drainage blanket to be, at the most,
equal to the thickness of the blanket, hblanket

y2 = 2 · kblanket · h2
blanket/r (5.29)

Assuming that y is the maximum distance at which a French drain should be
installed within a drainage blanket and that:

• r = 1.5 × 10−7 m/s, referring to a 80 cm settlement in two months, as shown in
Figure 5.9;

• kblanket = 10−4 m/s (lower limit for a coarse sand);
• hblanket = 0.50 m for thickness of drainage blanket;
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Figure 5.10 Acceleration of settlements with temporary surcharge.

Then y = 18 m, i.e. it is necessary to install French drains at a distance of 2y =
36 m from each other.

5.4 USE OF TEMPORARY SURCHARGE

Temporary surcharge has two main objectives: accelerate settlements through pri-
mary consolidation and compensate secondary compression settlements, in order to
minimize post-construction settlements.

The use of temporary surcharge to accelerate settlements is shown in Figure 5.10,
which shows a long term primary settlement �hf for the applied vertical stress of
�σvf (corresponding to embankment thickness hf). A surcharge with full embankment
height would cause a primary accumulated settlement to infinity equal to �hfs. When
the surcharge is removed (thickness hs = hfs − hf) at time t1, the settlement stabilization
time is accelerated. The removal of the surcharge may be followed by a slight rebound
of settlements, which may not be measured in the field.

For a simplified case (disregarding submersion) of a normally consolidated clay
layer, the settlements �hf respectively �hfs may be defined by:

�hf = hclay

1 + evo
Cc log

(
σ′

vo + �σvf

σ′
vo

)
= hclay

1 + evo
Cc log

(
1 + �σvf

σ′
vo

)
(5.30)

�hfs = hclay

1 + evo
Cc log

(
σ′

vo + �σvfs

σ′
vo

)
= hclay

1 + evo
Cc log

(
1 + �σvfs

σ′
vo

)
(5.31)

For the purpose of calculating the removal time t1 for the surcharge, a consoli-
dation rate of Us can be defined for the total applied stress equal to the total applied
�σvfs by:

Us = �hf

�hfs
(5.32)
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Figure 5.11 Use of surcharge with and without vertical drains.

Substituting Equations (5.30) and (5.31) in (5.32):

Us =
log

(
1 + �σvf

σ′
vo

)
log

(
1 + �σvfs

σ′
vo

) (5.33)

5.4.1 Use of surcharge with and without vertical drains

Temporary surcharge may be associated with vertical drainage, radial drainage, or
both. This section analyses these possibilities.

A case of a 6.0 m thick clay layer is used as an example. The top of the clay layer is
at elevation +0.5 m, and the requirement is that primary consolidations settlements are
stabilized for an embankment at elevation +3.0 m. Preliminary calculations indicate
that final primary settlements in this case are �hf = 1.3 m, as shown in Figure 5.11.

To achieve the desired elevation, a fill embankment height hemb should be placed,
equal to the difference between the original and final heights, plus the settlement value
to be compensated, i.e. hemb = 3.0 − 0.5 + 1.3 = 3.8 m. The surcharge thickness hs to
be removed is equal to the difference between the two thicknesses of embankment,
i.e. 1.2 m (=5.0 − 3.8 m).

Figure 5.11 shows settlement-time curves for situations of pure vertical drainage
and combined drainage (radial plus vertical). It may be noted that the time to reach
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Figure 5.12 Cross section scheme of vacuum preloading.

1.3 m without drains is 60 months, but the time to reach the same settlement with
drains spaced 1.5 m apart is 15 months. The submersion of the embankment was
considered in this analysis.

5.4.2 Vacuum preloading

Vacuum preloading (Kjellman, 1952; Chai, Bergado and Hino, 2010) is a special case
of temporary surcharge, associated with vertical and horizontal drains. The vacuum
is applied through a pumping system associated with the horizontal drains installed in
the sand layer. There are two ways to apply vacuum (isotropic) pressure to the ground
(Chai et al., 2008): in the first one, a waterproof PVC membrane covering the entire
area and going down to the peripheral trenches prevents air from entering the system,
thus creating the vacuum and ensuring that the system is watertight (Figure 5.12).

The pumping system, capable of pumping water and air simultaneously is coupled
to a reservoir inside which the vacuum is almost perfect, with value of 100 kPa. How-
ever, the suction value measured under the membrane is approximately 70 to 75 kPa,
which guarantees the system’s efficiency around 70%–75%. When vacuum is applied,
the soil’s pore pressure may be reduced (Figure 5.13) until the final suction profile, at
the end of the consolidation process. The pore pressure varies according to the position
of the point in relation to the drain and time (u (radius, time)). The longer the pump is
on, the higher the suction value inside the soil layer, possibly reaching a maximum of
70 to 75 kPa, i.e. the increase of effective stress of the soil corresponds to a surcharge
equivalent to 4.5 m of embankment height.

Figure 5.13 presents a special case in which the groundwater level was 1.5 m below
ground level which is represented by the initial hydrostatic profile u◦. When the pump
system is turned on, the water level rises to the drainage layer and the hydrostatic
profile is then uref . Thus, if the ground water table (G.W.L.) is deep, the vacuum system
loses its efficiency in this case by 15 KPa. Therefore, at the end of consolidation, the
variation of the effective stress will be the difference between the profiles, thus 60 kPa
instead of 75 kPa. As a result, it is recommended to install the horizontal drains as
close as possible to the G.W.L.
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Figure 5.13 Schematic pore pressures profile (adapted from Marques, 2001).

The second system of vacuum application does not use membrane, thus each PVD
has a geosynthetic cap (it is sometimes called CPVD) and is connected to the pumping
system individually, as shown in Figure 5.14. Chai et al., 2010 referred to this mem-
braneless system as the vacuum-drain method, which may require more effort during
the construction period. However, the versatility of application in different soil con-
ditions, including submerged situations, makes the vacuum-drain method a suitable
alternative to the conventional membrane system.

An advantage of the vacuum techniques over the conventional embankment load-
ing is that there are no instability-induced failures since the stress path is always below
the failure line due to the decreased pore pressure. Thus, this method does not require
stabilizing lateral berms since there are no shear forces at the edges of the embankment,
and vacuum preloading can be executed in a single step, thus speeding up the process.

After reaching the predicted settlements, the vacuum pumps are switched off and
there is no need to dump material, thus minimizing the volume of earthworks. If an
additional load is necessary, a surcharge may be used above the membrane, even during
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Figure 5.14 Example of the vacuum-drain method (Chai et al., 2010).

the period in which the vacuum is applied, and this embankment can also be raised as
the clay gains shear strength.

Practical difficulties occur when sand lenses are found in the soft clay to be treated,
which may render the use of vacuum inadequate from a financial point of view. The
execution of watertight walls down to the base of the sand layer can be a solution for
improving the system efficiency (Varaksin, 2010). Furthermore, the vacuum pumps
require electric installation, regular maintenance and safety measures from vandalism,
which increases the costs of the technique. In the case of embankments in small areas,
the technique may be less competitive because of high fixed costs.

5.4.3 Use of surcharge to minimize secondary
compression settlements

It is possible to estimate values of �hsec/hclay according to the compression coeffi-
cient CR as shown in Chapter 4, Eq. (4.16). Thus, for highly compressible clay, with
CR = 0.50, �hsec ≈ 7.5% · hclay, and for moderately compressible clay, with CR = 0.25,
�hsec ≈ 3.8% · hclay. For these values and a clay layer of 10 m thickness for example,
the settlement through secondary consolidation would vary between 75 cm and 38 cm.

The secondary compression behavior was observed experimentally by Garcia
(1996), in samples collected in Barra da Tijuca (RJ), with CR values around 0.5
(Almeida et al., 2008c). Figure 5.15A shows compression curves for consolidation
tests, where loading and unloading stages were performed to obtain an OCR line of
approximately 2. It may be observed in Figure 5.15B that for effective vertical stress
of 50 kPa, the vertical strain is approximately 7%.
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Figure 5.15 Clay compression curve (adapted from Garcia, 1996).

The construction of a 2 m high embankment (�σv = 36 kN/m2) on a 10 m thick
clay layer, with specific weight 12.5 kN/m3 and water level at ground level will result
in final vertical stresses σfv = 50 kPa and vertical strains due to secondary compres-
sion (see Figure 5.14B) around 7%. The conclusion is that the total settlement for
secondary consolidation (very long term) may be an important portion of the con-
struction’s total settlements, this being as much important as primary consolidation
settlements (Martins, Santa Maria and Lacerda, 1997).

It is then necessary to compensate these settlements so that they do not occur dur-
ing the service life of the construction, which can be done with temporary surcharge.
Usually, settlements caused by secondary consolidation are compensated during the
construction period, i.e., even before the execution of paving works. Temporary sur-
charge is applied, followed by partial removal, so that the secondary compression
settlements, calculated as proposed by Martins (2005), occur in the form of primary
consolidation. Vertical drains are generally used to speed up settlements for thicker
layers. In many cases, such surcharges must be applied in stages.

5.5 FINAL REMARKS

The use of PVDs as vertical draining elements, replacing the vertical sand drains, con-
tribute to the improvement of the settlement stabilization technique of embankments
on soft soils, particularly concerning execution speed and minimizing disturbances.



Acceleration of settlements: use of vertical drains and surcharge 101

An important question to take into account when using surcharge for total com-
pensation of secondary settlements is the high volume of earthworks required for clay
deposits with high CR, low specific weight value and great thickness. For example, for
a clay with specific submerged weight of 12 kN/m3 (Barra da Tijuca clays) to generate
an OCR of 1.5 and fully compensate for the secondary compression of the clay deposit
of 10 m, an embankment thickness of about 3 m will be required. .

Due to the high compressibility and low strength of Brazilian clays, and because of
the high values of secondary settlements, the use of PVDs with surcharge can become
costly, due to high volumes of earthworks required, the need for strengthening and/or
staged construction and the long construction periods. In such cases, the piled solution
may be more suitable from an economic point of view, and also in terms of construction
schedules.
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Chapter 6

Stability of unreinforced and reinforced
embankments

This chapter deals with the stability analysis of unreinforced and reinforced embank-
ments constructed on soft clay deposits. Design parameters for the materials involved,
clay foundation, embankment and geosynthetic reinforcement are discussed initially.

6.1 DESIGN PARAMETERS

6.1.1 Undrained strength of clay

Current stability analyzes consider undrained behavior of clay and are carried out based
on total stress, due to their simplicity. The effective stress analysis is more complex
(Bjerrum, 1972; Parry, 1972) as it requires the estimation of pore pressures generated
in the soft clay layer.

The adopted undrained design strength Su for the clay layer is an essential infor-
mation in total stresses, also known as analysis φ = 0. The tests used to determine
this were discussed in Chapter 2. Chart 6.1 summarizes the tests and procedures for
defining the design strength Su to be used in stability calculations.

In general, the most widely used test for the determination of Su is the field vane
test, to which a correction must be applied to obtain the strength to be used in the
project, namely:

Su (project) = µ · Su (Vane) (6.1)

The Bjerrum µ correction (1972, 1973) is the most used and results from the difference
in shear strain rate of the Vane test compared to the shear strain rate of the embankment
construction, in addition to the anisotropy effects of the clay. The Bjerrum µ values
were obtained from back-analysis of embankment failures and are correlated with the
plasticity index of the clay, as shown in Figure 6.1. This figure indicates data from
failure analyses of some Brazilian cases, also showing the dashed curve proposed by
Azzouz, Baligh and Ladd (1983), which relates to the correction to be used in the case
of three-dimensional failures.

The CPTu is also used to obtain the undrained strength profile of the clay, with
the advantage of defining a continuous Su profile, obtained by the equation:

Su = qt − σv

NKT
(6.2)
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Chart 6.1 Procedures for measuring and estimating the undrained design strength Su (adapted from
Leroueil and Rowe (2001), Duncan and Wright (2005) and the authors’ experience).

Tests / Procedures Comments

Vane test Su correction takes into account anisotropy effects and strain rate. The
database used for the correction has reasonable dispersion. It is the most
common procedure used due to its simplicity. The most applied correction
factor is Bjerrum’s (1972) (Figure 6.1), based on the plasticity index, but
several others have also been proposed (Leroueil; Magnan;Tavenas, 1985).

Piezocone test The empirical cone factor must be determined for the study area,
correlating piezocone (CPTu) andVane tests. In this case, the Bjerrum
correction should be applied to the Su value. This procedure provides a
continuous Su profile and soil layering.

UU triaxial test The results tend to be more dispersed and they underestimate the strength
due to sample disturbance; it should not be the single used procedure.

Triaxial and direct
simple shear
tests (DSS)

The triaxial compression and extension anisotropic tests CAU and direct
simple shear tests (DSS) are conducted using recompression techniques
(NGI) or SHANSEP. The disadvantages of these techniques are time
and costs. The SHANSEP method is strictly applied to “mechanically
overconsolidated’’ clays (Ladd, 1991) and tends to be conservative.

Su

σ′
vo

= K · OCRm
Experimental based equation, where K and m parameters obtained through
test program. For preliminary calculations, use K = 0.23 and m = 0.8
( Jamiolkowski et al., 1985)

Su

σ′
vo

∼=
(

Su

σ′
v

)
n.c.

· OCR�
Equation of Critical State Theory (Wood, 1990), where � = 1 − Cs/Cc and
(Su/σ′

v)n.c. is the normalized strength in typically consolidated condition (see
also Almeida, 1982)

Su = 0.22σ′
vm The equation proposed by Mesri (1975) combines the influence of OCR

and σ′
vo in σ′

vm. Studies (e.g. Leroueil and Hight, 2003) indicate that
the ratio Su/σ′

vm increases with the plasticity index, reaching values well
above 0.22, especially for organic clays

OCR – overconsolidation ratio (σ′
vm/σ′

vo); σ′
vm – overconsolidation stress; σ′

vo – effective in situ
vertical stress.

where the cone empirical factor Nkt should be obtained from correlations between
piezocone and vane tests ideally in the same deposit (Almeida et al., 2010). Figure 6.2
shows an example of Su profile of a deposit in the city of Rio de Janeiro, obtained from
a piezocone test, which is compared with uncorrected Vane test data.

Special attention should be given to the Nkt values used in Equation (6.2), since
some authors report Nkt values for uncorrected Su values, and others for already
corrected values. The design Su values based on the piezocone tests should be corrected.

6.1.2 Embankment strength

The strength parameters of the embankment should be determined by laboratory test-
ing. In general, the direct shear stress test is the most used. Tests on soils with natural
moisture and on soil submersed close to saturation should be used to evaluate the vari-
ation of strength parameters in such conditions. It is usual to consider the saturated
embankment with drained behavior, with c = 0 and φ �= 0 in the case of fill material
with small amount of fines. However, in the case of large amount of fines a cohesion
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Figure 6.1 Bjerrum correction factor (two-dimensional) and Azzouz (three-dimensional) applied to
the vane test and back-analysis from Brazilian case histories (Almeida, Marques and Lima,
2010).

Figure 6.2 Su Profiles of CPTu andVane tests (Su uncorrected).
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Figure 6.3 Depth of tension cracking in case of embankment material with fines.

Figure 6.4 Stability analysis of cohesive embankments (A) totally cracked embankment, considered as
surcharge, (B) lateral pressure in the case of embankments with low strength.

may be mobilized and the embankment may crack in its upper portion (Palmeira and
Almeida, 1979), as shown in Figure 6.3.

The introduction of the tension crack also has the benefit of eliminating numerical
instabilities in stability analyses, due to negative tensile stress (Duncan and Wright,
2005). The depth up to which the crack zcrack develops is the one in which the horizontal
stress is null, and is calculated by the equation:

zcrack = 2 · cd

γ(emb) · Ka(emb)t1/2
(6.3)

where:
cd – mobilized cohesion on the embankment;
Ka(emb) = tg2(45 − φd/2) – active earth pressure coefficient of the embankment soil;
φd – mobilized friction angle on the embankment soil;
γ(emb) – Bulk specific weight of the embankment soil.

The embankment above the tension crack should be treated as a soil where c = 0
and φ = 0, i.e., in this case the embankment can only be considered as a surcharge, as
shown in Figure 6.4A. This consideration is not equivalent to the hypothesis of low
values of c and φ because in this case an horizontal active force is installed, as shown
in Figure 6.4B, resulting in different safety factors.

6.1.3 Geosynthetic reinforcement parameters

Types of geosynthetic reinforcement

Ehrlich and Becker (2010) have briefly showed the various types of geosynthetics
used for soil reinforcement, as well as some relevant properties of these materials.
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The two main types of geosynthetics used on embankments on soft soils are:

• Geogrids: Synthetic materials in a grid format specifically developed for soil rein-
forcement. They can be unidirectional when they present high tension strength in
only one direction; or bidirectional, when they present high tension strength in
both orthogonal directions.

• Geotextiles: Textile material that, due to the distribution of its fibers or filaments,
can be woven, with filaments arranged in two orthogonal directions, or non-
woven, with randomly arranged fibers.

The polymers used in geosynthetics also influence their performance as reinforcements.
The most common polymers are polyester (PET), polypropylene (PP), polyethylene (PE)
and polyvinyl alcohol (PVA).

It is acceptable to work with less resistant and less stiff materials, such as PET
or PP geotextiles, with ultimate tensile strength typically between 30 and 80 kN/m for
construction reinforcements on working platforms. However, materials such as woven
PET or PVA geotextiles or geogrids, which have high stiffness modulus, high tensile
strength and low susceptibility to creep, are recommended for structural reinforce-
ments for embankments on soft soils. The typical nominal strength of these materials
lies in the range between 200 and 1,000 kN/m, but there are geosynthetics with nominal
strength of up to 1,600 kN/m being used in Brazil (Moormann and Jud, 2010).

Tensile strength and stiffness modulus of the geosynthetic

By means of a tensile broadband test done on specimens that are 20 cm wide, one can
obtain the load-strain curve of the geosynthetic, for a given loading condition. This is
generally a non-linear curve and thus, one can calculate different stiffness moduli. It
is customary to use the initial tangent modulus, which is the slope of the tangent line
to the initial section of the curve, as well as the secant modulus, which is the slope
of the line connecting the origin to a point on the curve – for example, 2% strain.
The test provides the nominal tensile strength (Tr), the nominal specific strain (εr) and
the nominal stiffness modulus (Jr), which is the ratio between these two parameters.
These values are often presented in manufacturer catalogs. However, they cannot be
used directly in stability calculations, because the material suffers strength reductions
at the worksite, mainly due to creep, in addition to installation damage and possible
environmental degradation – chemical and biological.

Creep behavior of geosynthetics is determined by means of normalized tests, where
specimens are subject to constant loads and strains are measured with time, until a given
strain or failure occurs. The test is repeated for different load levels in order to obtain
the failure loads due to creep and the isochronous load-strain curves for the desired
loading times (one day, one month and one year, for example). One can interpolate
and extrapolate for other load times based on the data from these curves. Figure
6.5A presents typical stress-strain curves for geogrids by the same manufacturer. One
can observe the influence of the constituent polymer in the geogrid on its short-term
stiffness and deformation, as well as the effect of the period of application of a constant
load on the tensile strength and tension stiffness of a PVA geogrid (Figure 6.5B).
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Figure 6.5 (A) Accelerated Tensile Test – behavior of Fortrac geogrid made from different polymers,
(B) Isochronous curves of Fortrac PVA geogrids obtained in creep tests (Source: Huesker).

Tensile force T mobilized in reinforcement

The geosynthetic acts as a passive reinforcement. The foundation and embankment
soils induce strains on the geosynthetic as they displace horizontally. The geosynthetic
reacts and a resistant tensile force T is mobilized, restricting displacement of the soil
layers.

The value of the tensile force T in the reinforcement to be used in stability calcula-
tions shall not exceed the tensile force limit that can induce Tlim, corresponding to the
sum of the lateral pressures on the embankment and the shear force of the foundation
soil. Thus:

T ≤ Tlim = Pemb + Pref (6.4)

where:

Pemb = Ka(0.5 · γembh2
emb + qhemb) (6.5)

Ka(emb) is the active earth pressure coefficient of the embankment, calculated based on
a reduced friction angle, according to:

φd = tg−1
(

tg φ

Fs

)
(6.6)

Pref = XT

(
αSuo

Fs

)
(6.7)

where Suo is the undrained strength at the soil-embankment interface; α is the reduction
factor applied to consider the reduction of the undrained strength at the compressible
soil-embankment interface, and XT is the distance between the point where the circle
intersects the reinforcement and the foot of the slope (Figure 6.6).
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Figure 6.6 Circular failure of an embankment on soft soil.

Allowable strain in the reinforcement

The embankment height at failure and the T value calculated by means of the limit
equilibrium methods do not guarantee proper behavior under working conditions.
In some cases, embankments have failed due to excessive strains (serviceability limit
state) before reaching the failure height (ultimate limit state). This has been recog-
nized by several authors (e.g. Rowe and Sodemann, 1985; Bonaparte and Christopher,
1987), who recommend allowable strain values (εa) in the reinforcement in the range
of 2% to 6%. Additionally, the British standard BS 8006 (BSI, 2010) recommend
that the reinforcement should have a maximum strain of 5% for short-term appli-
cations, and between 5% and 10% for long-term conditions, where, in the case of
sensitive soils, it should be even lower (<3%), to ensure strain compatibility with the
foundation soil.

Rowe and Sodermann (1985) proposed a method applicable for foundations with
constant strength and limited depth, and for embankments without berms. Using
this method it is possible to evaluate the tensile force mobilized at the reinforcement
from the strain value using a dimensionless parameter �, defined in Equation (6.8).
The allowable strain (εa) is defined as the maximum strain before the collapse of the
embankment and, therefore, refers to a condition of unitary safety factor. The authors
have defined the dimensionless parameter �, which is related to εa by means of the curve
shown in Figure 6.7 based on extensive numerical studies on reinforced embankments
on soft soils:

� = γembhcr

Su

Su

Eu

(
hclay

B

)2

(6.8)

where:
hcr – collapse height of the unreinforced embankment (see item 6.3);
B – width of the platform;
hclay – thickness of the soft layer;
Su/Eu – ratio between strength and undrained Young’s modulus;
γemb – specific weight of embankment material.
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Figure 6.7 Allowable strain according to geometric and geotechnical parameters.

The stress value in the reinforcement is calculated from the εa value, as:

T = J · εa (6.9)

where J is the stiffness modulus of the reinforcement.
From the definition (hclay/B) based on the εa versus � curve, it is observed that in

Rowe and Sodermann’s model (1985), for values (hclay/B) > 0.84, i.e., deep deposits,
the reinforcement does not have a stabilizing effect for deep surfaces, although it
improves the stability near the foot of the slope.

For the cases where the undrained strength increases with depth, Hinchberger and
Rowe (2003) proposed similar abaci to the ones in Figure 6.7 to estimate εa.

Anchoring the reinforcement

The geosynthetic must be appropriately anchored in the soil to induce the tensile force
T. The length of the anchor (Lanc) is dictated by the strength parameters of the soil and
soil-reinforcement interface. It can be calculated by:

Lanc = Tanc

2 × Ci × (c + γ × h × tg φ)
(6.10)

where:
Tanc – anchoring strength (Tanc ≥ T);
Ci – geosynthetic-soil interaction coefficient, obtained through pullout tests;
h – embankment height above reinforcement;
γ, c, φ – embankment soil parameters.
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Figure 6.8 Failure modes of unreinforced embankments: (A) lateral sliding of the embankment,
(B) failure in foundation clay ( Jewell, 1982), (C) overall failure embankment-foundation.

The Ci values must be supplied by manufacturers. They may vary according to the
type of geosynthetic. Geogrids with square mesh opening between 20 mm and 40 mm
may have interaction coefficients Ci greater than 0.8. For geogrids with larger openings
and few transversal strips, Ci may be less than 0.5. In the case of woven geotextiles,
Ci may be around 0.6.

6.2 FAILURE MODES OF EMBANKMENTS ON SOFT SOILS

Some possible failure modes of embankments on soft soils valid for unreinforced and
reinforced embankments are shown in Figure 6.8. They include failure within the body
of the embankment without involving the soft clay (Figure 6.8A); failure of foundation
clay due to low bearing capacity (Figure 6.8B), and overall embankment-foundation
failure (Figure 6.8C). The analysis of lateral extrusion of the soft soil (Palmeira and
Ortigão, 2004) should also be verified. Strictly speaking, one should analyze all failure
modes, but in general, the failure modes that govern the problem of an embankment on
soft soil are those of foundation instability and overall failure, for which the analysis
methods are discussed in the next sections. Details of the failure modes of reinforced
embankments for ultimate limit state conditions and working limit state are given in
BS 8006 (BSI, 1995).

6.3 FOUNDATION FAILURE: CRITICAL HEIGHT
OF EMBANKMENT

Failure of the foundation of the embankment is a bearing capacity issue. In this case,
for stability purposes, the embankment participates with load, but not with strength.
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For stability analysis, abaci may be used to calculate the critical height hcr of the
embankment on soft soil, and this is the first stage of the analysis. The equation used
is derived from the classic bearing capacity equation of a direct foundation on φ = 0
soil with undrained strength Su, given by:

hcr = Nc · Su

γemb
(6.11)

where Nc is the bearing capacity factor. Nc values for finite clay layer and gradual of
Su profile increasing with depth are discussed in section 6.5.2.

The abaci developed by Pinto (1966) for strength gradual increase with depth are
also easy to use. For construction purposes, if the inclination of the slope is small, it
can be replaced with equivalent lateral berms (Massad, 2003).

The admissible height hadm adopted for the design of an embankment built in one
stage is equal to:

hadm = hcr

Fs
= Nc · Su

γembFs
(6.12)

where Fs is the safety factor defined according to design criteria, considering the impor-
tance of the job. Generally, Fs values greater than 1.5 are used, and lower values
are acceptable (Fs ≥ 1.3) for stability analysis of a temporary condition (e.g. staged
embankments), with inclinometer monitoring and the absence of close neighbors.

If the value of hadm is less than the required embankment height hemb for the
project, one must use an alternative construction method, such as, for example, staged
construction or reinforced embankment.

6.4 GLOBAL STABILITY ANALYSIS OF UNREINFORCED
EMBANKMENTS

6.4.1 Circular failure surfaces

One can adopt abaci for preliminary studies of global stability analysis of the embank-
ment. Pilot and Moreau (1973) developed abaci for purely granular embankments with
different slope inclinations, foundation with constant strength and circular failure sur-
face. However, with the various slope stability programs available on the market, abaci
are increasingly unpopular. The advantage of the abaci, however, is that the user can
easily perceive the variations of Fs due to the variables involved in the problem.

The method of slices are commonly used for stability analysis of embankments
on soft soils, but there is no guarantee that such method provides the lowest Fs value.
Duncan and Wright (2005) have compared a number of stability analysis methods
for circular failure of a purely granular embankment on soft soil (constant Su), and
the results are summarized in Table 6.1. The modified Bishop method has been widely
used in geotechnical practice, but it does not necessarily provide the lowest Fs. The cal-
culation of the safety factor in this case, by the method of wedges or blocks (described
in section 6.4.2), resulted in Fs = 1.02, about 16% lower than the value presented by
Bishop’s method.
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Table 6.1 Comparison between results of methods of slices for
circular surfaces of granular embankment on soft soil
(adapted from Duncan and Wright, 2005).

Method of slices Safety factors

Fellenius 1.08
Bishop 1.22
Spencer 1.19
Simplified Janbu with correction 1.16
Simplified Janbu without correction 1.07

Figure 6.9 Wedge method for planar surfaces: (A) failure outside the foot of the embankment, without
berms, (B) failure at the foot of embankment, without berms, (C) failure outside the foot
of the embankment, with berms, (D) failure at the foot of embankment, with berms.

6.4.2 Non-circular failure surfaces

Non-circular failure surfaces must also be analyzed, and the simplified Janbu method
(Janbu, 1973) is frequently used for this. These surfaces must also be analyzed by
the method of wedges or blocks, also called translational analysis, easily developed
in spreadsheets or computer programs. A typical scheme for stability analysis by this
method is shown schematically in Figure 6.9A. In this method, the safety factor is the
result of dividing the sum of resisting forces by the sum of the unstabilizing forces,
according to the equation:

Fs = Pp clay + Sclay

Pa clay + Pemb
(6.13)
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where:

i. Pp clay is the passive force in the clay, equal to:

Pp clay = 1
2

γclay · z2
clay · Kp clay + 2Su · zclay

√
Kp clay + q · zclay · Kp clay (6.14)

where q is the vertical stress acting on the top of the clay layer, with q = 0 for the
case of Figure 6.9A (Ppclay1) and q �= 0 for the case of Figure 6.9B (Ppclay2);

ii. Sclay is the mobilized shear force in the soft clay, equal to:

Sclay = SuL (6.15)

where L is the horizontal distance of the failure line traversing the clay to a depth
zclay (see L1 and L2 in Figure 6.9) and Su is the undrained strength of the clay at
this depth;

iii. Paemb is the active force in the sandy embankment, not considering cohesion, and
equal to:

Paemb = 1
2

γemb · h2
emb · Kaemb (6.16)

iv. Pa clay is the active force in the clay layer, equal to:

Pa clay = 1
2

γclay · z2
clay · Ka clay − 2Su · zclay

√
Ka clay + γemb · hat · zclay · Ka clay

(6.17)

• The following observations can be made for analysis type φ = 0, Ka clay = Kp clay = 1
in Equations (6.14) and (6.17).

• The equations presented should be adapted to the case of sand layers in the
embankment foundation.

One must evaluate safety issues, considering failures at various depths within the
clay layer, and thus obtaining different Fs values according to depth.

In cases of low strength layers, or long berms, safety factors calculated by wedge
methods and non-circular surfaces tend to be lower than when they are calculated using
circular surfaces. Duncan and Wright (2005) reported the case of James Bay dyke,
approximately 4 m high, built over clay layers with different Su values. Calculation
using circular surfaces resulted in Fs = 1.45. However, the calculation using non-
circular surfaces resulted in Fs = 1.17 (this value coincides with the wedge method),
i.e. a difference of approximately 20%.

The wedge method has the advantage of guaranteeing complete control of cal-
culations and the various components of the Fs equation. It is particularly useful for
reinforced embankments as in this case the calculation hypotheses adopted in some
programs, are not always available to the user. Therefore, it is recommended, that
these computational analyses be also verified by the wedge method, as outlined above.
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6.5 REINFORCED EMBANKMENTS

6.5.1 Effects of reinforcement

The earth pressure that develops inside an embankment causes outward shear stresses
(Figure 6.10A – without reinforcement), similar to the behavior of a smooth footing
(Figure 6.10B). These shear stresses reduce the load bearing capacity of the clay foun-
dation (Figure 6.10D). The reinforcement placed on the base of the embankment has
two functions: resist earth pressures developed inside the embankment (Figure 6.10A –
with reinforcement) and resist the lateral deformation of the foundation, thus chang-
ing the shear stress direction (Figure 6.10C). The latter is similar to the behavior of
a rough footing. The reinforcement increases the load bearing capacity of the foun-
dation as shown in Figure 6.10E (Leroueil and Rowe, 2001). As a result, reinforced

Figure 6.10 Mechanism of reinforced embankment on soft clay (Leroueil and Rowe, 2001).
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embankments can reach greater heights than unreinforced embankments, or, compar-
ing a unreinforced embankment with a reinforced one of the same height, there is a
gain of Fs with the reinforcement.

The failure modes of reinforced embankments – in essence the same as unreinforced
embankments shown in Figure 6.8 – are analyzed separately below.

6.5.2 Foundation failure

As with unreinforced embankments, the preliminary step when analyzing the stability
of reinforced embankments consists of checking if the foundation has the bearing
capacity to withstand stresses on the reinforced embankment. Admittedly, this acts as
a rough footing on the clay layer, as shown in Figure 6.10C. In this case, the rough
footing simulates the insertion of the reinforcement on the embankment and the abaci
by Soderman and Rowe (1985) can be used for Su increasing with depth (Figure 6.11A);
or for Su constant with depth; (Mandel and Salençon, 1972; Davis and Booker, 1973)
(Figure 6.11B).

This preliminary step makes it possible to define the maximum embankment height
hemb to be used. It is recommended that the bearing capacity required from the unre-
inforced embankment be lower than the admissible stress of the clay, so that the
reinforcement is not fully responsible for the stability, i.e., the factor of safety of
the unreinforced embankment is at least equal to one.

6.5.3 Failure due to lateral sliding of embankment

One step is the analysis of the failure due to sliding of the sandy embankment at its
base (above the reinforcement), due to earth pressure of the embankment. When the
equilibrium of the horizontal forces is determined, as shown in Figure 6.12, the safety
factor is given by:

Fs = 0.5 · n · γembh2
embtg φd

Ka(0.5 · γembh2
emb + qhemb)

= 0.5 · n · γembhembtg φd

Ka(0.5 · γembhemb + q)
(6.18)

where n is the inclination of the slope; Kaemb is the active earth pressure coefficient,
and φd is the reinforcement-soil friction.

The failure safety factor due to sliding below the reinforcement can be calculated
by the equation:

Fs = n · Sclay + T
Ka(0.5 · γemb · hemb + q)

(6.19)

where Sclay is the mobilized force in the reinforcement-clay contact and T is the induced
tensile force in the reinforcement.

Christopher, Holtz and Berg (2000) recommend Fs ≥ 1.5 for the lateral sliding
analyses.
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Figure 6.11 Load bearing capacity factor smooth and rough footing: (A) Su increasing with depth;
(B) Su constant.

Figure 6.12 Sliding of the embankment.
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Figure 6.13 Behavior of reinforced embankments on soft soils (Magnani,Almeida and Ehrlich, 2009).

6.5.4 Global failure

One can adopt abaci for preliminary studies for global stability analysis of the rein-
forced embankment and its foundation. The method of Low, Wong; Lim (1990) for
circular surface failure, can be useful in preliminary analyses.

Some computer programs for stability calculations consider the contribution of
the reinforcement (Figure 6.9) in the numerator of the safety factor equation, as in
Eq. (6.13) for the wedge method increasing the strength (or the resisting moment in
the case of slice methods) i.e., by:

FS = Pp clay + T + Sclay

Pa clay + Pemb
(6.20)

Other programs consider that the reinforcement decreases the active stresses (the
contribution of the reinforcement appears in the denominator of the safety factor
equation). Therefore, computer programs currently available must first be verified
before use (Duncan and Wright, 2005) because the safety factors results are different
in each case.

6.5.5 Definition of tensile force in reinforcement

Relationship between safety factor Fs, vertical stress of embankment �σv

and tensile force T in reinforcement

Figure 6.13 show schematically the relationship between Fs and the stress applied by
the embankment (�σv) and the induced tensile force in the reinforcement. The limit
stress (Tlim) presented in this figure refers to the completely yielded foundation (soft
soil). The influence of reinforcement stiffness (J) is schematically presented, indicating
that, for the same load, a stiffer reinforcement will induce a higher T value; therefore,
a higher safety factor will be achieved and, for the same T value, a reinforcement with
greater stiffness will result in increased Fs.
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Table 6.2 Range of reduction factor values to be used in Eq. (6.21).

Reduction factors Geotextile Geogrid

FRI 1.1–2.0 1.1–2.0
FRDQ 1.0–1.5 1.1–1.4
FRDB 1.0–1.3 1.0–1.2
FRF 2.0–3.5 2.0–3.0

Specification of the reinforcement to be used

The mobilized tensile force T, the allowable strain εa and the coefficient of interaction
Ci are design parameters used in stability analysis. Thus they should be included in the
specification of the reinforcement to be used.

The force of the geosynthetic T calculated should be compared with the admissible
tensile strength (Tadm) of the material (Tadm ≥ T). The admissible strength (Tadm) can
be calculated from the nominal tensile strength (Tr) obtained in the broadband test,
according to the equation:

Tadm = Tr

FRF × FRI × FRDQ × FRDB
(6.21)

where:
FRF – partial reduction factor due to the creep for the project service life;
FRI – partial reduction factor due to mechanical damage during installation;
FRDQ – partial reduction factor due to chemical degradation;
FRDB – partial reduction factor due to biological degradation.

The recommended reduction factor values (Koerner and Hsuan, 2001) for general
embankment design are presented in Table 6.2 and should be used based on experience
and judgment.

One can determine the stiffness modulus J from Equation (6.9) by applying the
tensile force T and allowable strain εa, thus using the equation:

J = T
εa

(6.22)

It is necessary to increase the design stiffness modulus J to define the nominal stiff-
ness modulus Jr, by considering creep effect for the service life of the construction,
which can be obtained by means of isochronous curves. Damages caused during
installation, chemical and biological degradation factors should also be applied to
this value, as shown in Table 6.2. In the absence of isochronous curves, one can adopt
an approximate method, by multiplying J by all partial reduction factors, including
creep reduction factor, to determine Jr (nominal) to be specified.

The specification of a reinforcement design through its stiffness modulus has the
benefit of associating a given tensile strengths to a given strain, leading to better choices
when selecting geosynthetics for the construction.
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6.6 STABILITY ANALYSIS OF STAGE CONSTRUCTED
EMBANKMENTS

6.6.1 Conceptual aspects

The effective stress path of a clay element, located below the center of an embankment
constructed by stages is shown schematically in Figure 6.14 (Leroueil and Rowe, 2001)
for a lightly overconsolidated clay. The in situ stress state I0, changes during the first
construction stages, to C1 and E1 (along the limit state curve).

During the consolidation stage of the first loading step the state of effective stresses
moves from E1 to E′

1, and the effective stress path moves away from the failure enve-
lope, thus there is an increase in the clay strength, and consequently in Fs. When the
embankment height is raised at the end of stage one, the effective stress path goes from
E′

1 to E2, i.e. the effective stress path moves towards the failure envelope. For stage
three, starting at the end of stage two (point E′

2), the embankment was raised until the
failure point in R. It is therefore necessary to evaluate the Fs for each loading stage,
in regards to the increase of the undrained strength Su of the clay, which occurs along
the effective stress path shown in Figure 6.14.

The Leroueil, Magnan and Tavenas (1985) schematic model is illustrated in
Figure 6.15 by means of numerical analyses (Almeida, Britto and Parry, 1986) using
the modified Cam-clay (isotropic yield locus) model for various points of the clay layer
schem presented at the bottom right side of Figure 6.15.

6.6.2 Undrained strength of the clay for staged construction

Stability analyses on staged embankments are commonly carried out in terms of total
stress, by estimating the undrained strength of the clay foundation layer prior to placing
the next fill layer, i.e. for the stress states indicated as E′

1 and E′
2 in Figure 6.14.

Figure 6.14 Schematic stress path of a clay element located below the center of the embankment
(Leroueil, Magnan and Tavenas 1985).
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Chart 6.2 presents the more widely used methods for estimating clay strength, in which
σ′

v1 (see Eq. 4.19) is the effective stress at the respective depth, due to the embankment
loading during that stage. If σ′

v1 < σ′
vm, one must adopt σ′

v1 = σ′
vm. When evaluating the

effective stress at the end of the first stage, one must consider the submersion effect
of the embankment, which is also considered in the second part of the equation. This
procedure is similar for all subsequent stages. Furthermore, for the evaluation of the
gain in strength �Su, one must consider the settlements, thus the clay depth variation,
as seen in Figure 6.16 and using the normalized depth as shown in Table 6.3.

Figure 6.15 Stress path for staged constructions: numerical modeling (Almeida,Britto and Parry, 1986).

Chart 6.2 Procedures for estimating the clay undrained strength Su for stability calculations of staged
constructed embankments

Tests/Procedures Comments

Variation of the
effective stresses σ′

v in
the clay layer

The equation Su = 0.25.σ′
v (Leroueil,Magnan andTavenas, 1985,Wood,1990)

is analogous to Mesri (1975) equation Su = 0.25 · σ′
vm, and has been proven

to be valid (e.g. Almeida et al., 2001).The relationship Su/σ′
v can be obtained

by CAU triaxial tests

Vane tests before the
next construction
stage

It is recommended to measure the clay strength Su in order to evaluate the
gain in clay strength adopted in the design phase. Studies indicate that the
Bjerrum correction should not be applied in this case (Leroueil et al., 1978;
Law, 1985)
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Figure 6.16 Vane tests: before and after construction of the embankment – soft clay layer with PVDs
(Almeida et al., 2001).

Table 6.3 Strength gain in clay after the construction
of embankment.

Normalized soft clay Depth
d (m) ∆Su/∆σ ′

v

0.35 0.25
0.40 0.34
0.45 0.47
0.50 0.46
0.55 0.32
0.60 0.06
0.65 0.05
0.70 0.05
0.75 0.17

6.6.3 Illustration of stability analysis of staged construction

The stability calculation for the next stage should be done with the new strength
profile calculated as explained in the previous section and in Table 6.2. For staged
constructed embankments, one should take into account the new geometry of the
problem, considering the decrease of the soft layer thickness and the submersion of
the embankment.
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Figure 6.17 Stability analysis of a dam in the port area: (A) 1st stage of construction (hemb = 4 m),
(B) 3rd stage of construction (hemb = 8 m), non-circular failure, (C) 3rd stage of
construction (hemb = 8 m), circular failure.

Figure 6.17 presents the results of stability analyses for staged construction of a
reinforced dyke built on vertical drains with berms. In the analyzed soft soil deposit, the
strength profile increased with depth, intercepting the origin close to zero and increas-
ing with at a rate of approximately 1.2 kPa/m. The analyses were performed consider-
ing the clay strength gain at each load stage. Furthermore, the gradual increase of the
induced tension in the reinforcement with the stages was also considered in the analyses.

The results of stability analyzes presented in Figure 6.17 are summarized in Table
6.4. Factors of safety arising from non-circular failures are substantially lower than
from circular surfaces, which confirm other results mentioned before. The values of Fs

are those at the end of the loading, which are extremely low (points E1 and E2 in Figure
6.14). For embankments on soft soils in areas without nearby construction Fs values
higher than 1.3 may be accepted provided inclinometer monitoring is used to assess
performance (see Chapter 8), but Fs values in the order of 1.2 are indeed quite low.
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Table 6.4 Safety factor values in circular and non-circular failure analyses.

Safety factors

Thickness of the Non-circular Circular
Stage embankment (m) failure failure

1st 4 1.23 1.81
2nd 6 1.29 1.56
3rd 8 1.22 1.50

6.6.4 Considerations on the stability analysis for staged
constructed embankments

The in situ vane test is the recommended tool to obtain the clay undrained strength
prior to the construction of the next stage, so as to evaluate if the resistance considered
in the design can actually be verified.

For reinforced embankments, the contribution of the reinforcement should be con-
sidered in the new stage of the embankment; however, it is important to evaluate the
new geometry for this type of situation as well, including considerations of the creep
effect on reinforcement strength, in case there is a significant time interval between the
stages.

The use of PVDs speeds up the consolidation process; thus accelerating the strength
gain of the clay. It is recommended that PVDs be installed up to at least half the length
of the embankment slope or up to half the length of the equilibrium berm (see Figure
1.5A), in the case of staged embankments. This procedure contributes to the quick
increase in clay strength under this area, which may be considered in stability analyses
of the next stages. In the case of very soft clays it is also recommended to correct the
settled berm height before the implementation of the second and subsequent stages.

6.7 SEQUENCE FOR STABILITY ANALYSIS OF EMBANKMENTS
ON SOFT SOILS

One should calculate the admissible height of the embankment (Equation 6.12) once
the dimensioning parameters and the safety factor to be adopted are defined. The
definition of the admissible height serves as preliminary. In this phase, it is already
possible to decide whether the embankment should be built in stages or reinforced, or
if both solutions are to be adopted.

6.7.1 Unreinforced embankments

The proposed sequence to assess the stability of unreinforced embankments is:

1 Stability assessment of embankment with allowable height considering circular
and non-circular failure surfaces, as discussed in section 6.4, by analyzing the
stability at different slope inclinations or the use of equilibrium berms.

a. If the Fs obtained is satisfactory there is no need to use reinforcements or
staged construction.
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b. If the Fs obtained is lower than required, one should evaluate the stability for
staged construction or the use of reinforced embankment or both.

2 If the adopted solution is for a staged embankment without reinforcement, one
should predefine the duration of the stages and the thickness of the embankment
for each stage, depending on the available deadlines.

3 Stability calculations for embankment elevation in each stage should be carried
out, considering circular and non-circular surfaces. One should also consider the
strength gain for the next steps, as well as the geometry change of the prob-
lem, since with the settlements there is a decrease in the soft layer thickness and
submersion of the embankment.

In the case of very soft soil the use of geosynthetic reinforcements at the base of
the embankment is almost mandatory.

6.7.2 Reinforced embankments

The proposed sequence to assess the stability of reinforced embankments is:

1 Stability assessment of unreinforced embankment with admissible height consid-
ering circular and non-circular failure surfaces, as previously discussed. If Fs is
lower than in the design, the choice then should be for a reinforcement solution
at the base of the embankment to increase Fs.

2 Define the T value.

a. Consider the lateral sliding of the embankment – Equation (6.19).
b. Consider wedge failure – Equation (6.20).
c. Or by means of circular failures, which can be assessed using available

stability programs.

The highest T value between the values calculated in (2.a), (2.b) and (2.c) is adopted
for Fs design, and that value must meet the Tlim criteria discussed in section 6.1.3. If not
so, the geometry of the problem should be changed (height or slope of the embankment)
and the calculations above should be repeated.

1 Definition of allowable strain εa and stiffness modulus:

a. Adopt the εa value based on local experience, considering the points pre-
sented in section 6.1.3. For foundation soils with constant resistance and
limited depth, use equation (6.8) and the abacus in Figure 6.7 to determine
the admissible strain εa on the geosynthetic.

b. Use T and εa, in equation (6.22) to calculate the stiffness modulus J.

2 Verification of anchoring length:
Use Equation (6.10) to determine if the anchoring length is sufficient to mobilize
the tensile force T in the reinforcement. This verification should be done for active
and passive areas of failure wedges.

3 Specification of geosynthetic reinforcement:
Once T and J are defined as design parameters, it is necessary to specify the
nominal properties of these materials, to allow their acquisition and verification at
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the worksite. Consider the reduction factors presented in Equation (6.21) to define
the reinforcement to be used. Compare the calculated T in (2) with Tadm obtained
from Equation (6.21), for the choice of reinforcement to be used, considering
reinforcement service life, which could be the reinforcement acting only during
construction and consolidation stages and/or later. Similarly, the minimum value
of the stiffness JR should be calculated.

6.7.3 Reinforced embankment built in stages

For the condition described in 6.7.1 (1b) and after defining the design parameters and
the safety factor to be adopted, one should perform the preliminary calculation of the
admissible height of the embankment (Eq. 6.12) using Nc values for rough interface
conditions shown in Figure 6.11. If the admissible height is lower than the required
height, a reinforced embankment should be built in stages. In general, one has to
evaluate the cost effectiveness of using reinforcements with higher Tr and JR values to
minimize the number of construction stages. The use of equilibrium berms can also be
adopted in this case. Different configurations should be checked while maintaining the
Fs adopted in the design. Alternatively, one can opt for a piled embankment solution,
as discussed in Chapter 7.

6.8 FINAL REMARKS

In stability analyses (in total stress φ = 0) the undrained strength profile Su may be
determined using a number of alternative procedures and for very soft clays piezocone
and vane tests are the most cost effective ones. The use of undrained strength equations
based on stress history is important to assess the undrained strength profiles obtained.
The geosynthetic characteristic should be carefully specified regarding its type (geo-
textile or geogrid) and the polymer used, as the mobilized geosynthetic strain and the
global performance of the reinforced embankment will be influenced by these factors.

Different failure modes should be analyzed, including failures in the embank-
ment body, in the foundation and global embankment-foundation failures. Global
failure stability analyses should be performed using different limit equilibrium meth-
ods and circular and non-circular failure surfaces. The wedge type failure surface is
recommended because it is easy to include reinforcements in the analyses. Wedge anal-
yses may be easily performed by means of spreadsheets with full control of how the
reinforcement is used in the calculations, which is not the case with most available
softwares for limit equilibrium analyses.

For reinforced embankments, one should evaluate the allowable strain in the rein-
forcement; the specification of the reinforcement to be used must also be taken into
account as well as its stiffness modulus and reduction factors due to mechanical and
environmental damage. The reinforcement should be installed as close as possible to
the natural terrain in order to provide a greater safety factor Fs in a circular analysis.

In stability calculations of stage-constructed embankments, an in situ evaluation of
the undrained strength is recommended before executing the next stage. The stability
analyses of staged constructed embankments are optimized when geometry change is
incorporated considering previous deformations of the entire embankment-soft soil.



Chapter 7

Embankments on pile-like elements

Constructions on very soft soils can result in excessive deformations and stability
problems. When this happens, soft soil improvement and embankment stabilization
techniques should be evaluated; these can be summarized as shown in Figure 7.1.
The techniques listed in the first two columns of the figure were discussed in earlier
chapters.

This chapter discusses the techniques listed in the last column of Figure 7.1, i.e.,
the use of pile-like elements for stabilizing embankments. More specifically, the chap-
ter deals with embankments on piles with geosynthetic reinforcement, embankments
over traditional granular columns (most usually stone columns) and embankments
on geosynthetic-encased granular columns (most usually sand columns). Other soft
ground construction techniques such as jet grouting and deep mixing (using cement) are
not in the scope of this book. Embankments on pile-like elements result in shorter con-
struction times compared to other construction methods discussed before the present
chapter.

A common feature of the techniques using pile-like elements is the transfer of most
of the embankment load to the harder stratum underneath the soft clay layer. Besides
this load transfer mechanism, granular columns also promote the increase of the clay
strength by radial drainage.

Figure 7.1 Soil improvement and embankment stabilization methods.
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Figure 7.2 Embankment on piles reinforced with geosynthetics.

The settlements of embankments on pile-like elements are much smaller than settle-
ments of conventional embankments. Therefore, as far as very soft soils are concerned,
the earthmoving volumes are far inferior when compared to the use of conventional
embankment.
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Figure 7.3 Square caps in square mesh.

7.1 PILED EMBANKMENTS WITH GEOSYNTHETIC PLATFORM

The most common type of piled embankment used in very soft clays is shown schemat-
ically in Figure 7.2. It consists of a pile driven to the resistant layer underneath the soft
clay layer, this pile having usually a pile cap and then a geosynthetic reinforcement
layer on its top.

In a piled embankment with geosynthetic platform the embankment load is trans-
mitted by three basic mechanisms (van Eeckelen, 2010): (A) directly to the pile caps
through arching effect (Terzaghi, 1943); (B) to the geosynthetic and then to the pile
caps, the membrane effect; (C) to the soil in between pile caps under the geosynthetic,
which mechanism should not be considered in the case of very soft soils (see 7.1.1).
It may be emphasized that, unlike current reinforced embankments, the geotextiles
used in piled embankments have to be bidirectional.

The most widely adopted geometry is squares caps in a square mesh, as shown in
Figure 7.3 but circular caps and triangular mesh arrangements are also used.

It is observed that the settlement on the surface of the embankment �ht shown in
Figure 7.4 is much smaller than the settlement of the working platform �hif . Figure 7.4
also shows that pile caps should ideally have round tops to minimize sharp edges, thus
avoiding reinforcement damage.

An important concept related to piled embankments is the “critical height’’ hc,
here defined as the embankment height above which differential settlements at the
base of the piled embankment do not produce measurable differential settlement at
the embankment surface, i.e., �ht = 0 (see Figure 7.4). Based on field and laboratory
as well as analyses of forty four field cases, McGuire et al. (2012) and Filz et al. (2012)
found the relationship

hc = 1.15s′ + 1.44d (7.1)

where s′ = 0.5(s − b)∗ and d = pile cap diameter = 1.129b.
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Figure 7.4 Piled embankment: settlements, vertical stress and tensile force on geosynthetic.

It should be pointed out that the critical height has also been referred (e.g., Horgan
and Sarsby, 2002) as the height above which all additional loads due to fill and
surcharge are distributed completely to the pile caps.

The detailed design at the embankment slope requires a separate study (BS 8006 –
2010) regarding proper anchoring of the reinforcement laterally. Numerical analysis
by finite elements may be adopted in this case (Almeida, Almeida and Marques, 2008;
Gebreselassie, Lüking and Kempfert, 2010; Jennings and Naughton, 2010), but this
topic will not be discussed here.

7.1.1 The working platform settlement and overall
embankment behavior

The construction of the working platform (see Chapter 1) is the first step to allow access
of pile driving equipment on soft clay deposits without any fill layer on the ground
surface. Then piles are driven and caps installed. The caps may be placed above or
inside the working platform, as shown in Figure 7.5A,B, and then the geosynthetic is
installed above the caps. It is observed that in any of the cases, the working platform
will suffer consolidation due to settlements (primary and secondary compression), as
shown in Figure 7.5C,D (Almeida et al., 2008a). For this reason, the reaction of the soil
below the geogrid, which is considered in certain calculation methods (e.g., Kempfert
et al., 2004), will not be taken into account here.
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Figure 7.5 Details of the placement of caps on piled embankments: (A) and (C) cap above the working
platform; (B) and (D) cap embedded in the working platform.

Figure 7.6 Model for the study of the arching effect on the soils (Terzaghi, 1943).

7.1.2 Arching effect on soils

An important phenomenon for the study of piled embankments, with or without a
geogrid platform, is the arching effect on the soil (Terzaghi, 1943) and outlined in
Figure 7.6. In these studies, Terzaghi considered the condition of two-dimensional
(plane strain condition), but the most common condition of a piled embankment is
three-dimensional.
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By analyzing the equilibrium in the vertical direction of a soil element in line with
span 2B, where 2B is the distance between caps (s − b), Terzaghi obtained the value of
vertical stress acting on the base of the embankment σv:

σv =
(s − b)

(
γemb − cemb

(s−b)

)
Ktg φemb

(
1 − e−Ktg φemb

hemb
(s−b)

)
+ q.e−Ktg φemb

hemb
(s−b) (7.2)

where:
cemb – cohesion of the fill material (kN/m2);
φemb – internal friction angle of the fill material (◦);
K – earth pressure coefficient of fill material; K = 1 is recommended (numerical studies
by Potts and Zdravkovic, 2010);
s − b – distance between caps (m);
γemb – specific weight of the fill material (kN/m3);
q – uniform surcharge on the surface per unit area (kN/m2);
hemb – height of the embankment (m).

7.1.3 Defining the geometry of piled embankments

The first step in the design of the piled embankment is the definition of the geometry
of the problem (spacing s, width of the pile cap b; height of embankment hemb).

The British Code BS8006 (2010) recommends:

h ≥ 0.7(s − b) (7.3)

The German code EBGEO (2010) recommendations are based on the span (s − b)∗
defined by the diagonal distance between caps (45◦), which for static loads are

h ≥ 0.8(s − b)∗ (7.4)

and

(s − b)∗ ≤ 2.5 m (7.5)

And in the case of impact loads

h ≥ 2.0(s − b)∗ (7.6)

(s − b)∗ ≤ 3.0 m (7.7)

EBGEO (2011) also recommends

b/s > 0.15 (7.8)

The Dutch code (van Eekelen et al., 2010) recommends:

h ≥ 0.66(s − b) (7.9)
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With regard to the fill material, the Dutch code recommends materials with φemb ≥ 35◦
for the height range of geosynthetic above the embankment corresponding to
hemb ≤ 0.66(s − b)∗ and φemb ≥ 30◦ for hemb ≥ 0.66 (s − b)∗.

The Dutch code also recommends that the geosynthetic should not be directly
supported on the pile cap, but on a granular layer of soil above it. If there is only
one layer of geosynthetic, this layer should have a distance z from the pile cap of up
to 0.15 m. In the case of a second layer of geosynthetic placed above, the distance
between this layer and the first layer below should be less than 0.20 m. The arching
effect changes when using more than one layer of geosynthetic (Gebreselassie, Lüking
and Kempfert, 2010).

Blanc et al. (2013) studied piled embankments by means of centrifuge tests in which
a mobile tray device simulated the settlement of the soft soil located between the inclu-
sions. A parametric study of the load-transfer mechanisms within the embankment
was conducted for three different fill thicknesses h and two pile span values (s − b). It
was found that load transfer mechanisms are better for thicker fills and for lower pile
span values (s − b), a finding valid with or without geosynthetic reinforcement. The
improvement made by a geosynthetic reinforcement was clearly shown through both
load transfer and differential settlement reduction.

By defining the pile spacing and pile cap dimensions for a given embankment
height, the next calculations to be made are the vertical stress acting on the geosynthetic
and the geosynthetic tension force, and these two calculations are presented below.

7.1.4 Calculation of vertical stresses acting on the geosynthetic

Several methods are available for the design of piled embankments. The methods pro-
posed by Russell and Pierpoint (1997), Hewlett and Randolph (1988), Kempfert et al.
(2004), Filz and Smith (2006) and BS 8006 (2010) are among the most widely used.
The methods described below were chosen based on their simplicity and consistency.

Method of Russell and Pierpoint (1997)

Russell and Pierpoint (1997) adapted the Terzaghi method and considered K = 1,
in order to take into account the three-dimensional nature of the pile arrangement.
The equation is adopted by these authors is:

σv

(γembhemb + q)
= s2 − b2

4hemb · b · K · tg φemb

{
1 − e

4hemb ·b·K·tg φemb
s2−b2

}
(7.10)

This method does not consider the reaction of the soft soil underlying the geosynthetic.
This reaction, however, is not relevant in the case of very soft clays, as mentioned
before.

Method by Kempfert et al. (2004) used in EBGEO (2011)

Kempfert et al. (2004) presented a method for calculating the vertical stresses in the
reinforcement using an analytical model of a dome based on the theory of elasticity,
and charts (for φ = 30◦), which allows the calculation of the vertical stresses, as shown
in Figure 7.7. This method has been adopted by EBGEO (2010), which presents charts
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Figure 7.7 Calculation of vertical stresses on the reinforcement (Kempfert et al., 2004).

for other values of the fill material friction angle, besides presenting also equations to
allow calculation of the vertical stresses in the reinforcement for any given geometry
and parameters.

7.1.5 Calculation of tensile force acting on the reinforcement

The most used methods (McGuire and Filz, 2008) used to calculate the geosynthetic
tensile force due to the vertical stress acting (Figure 7.3) on the reinforcement are:
(a) the parabolic method; (b) the tensioned membrane method; (c) the method by
Kempfert et al. (2004), which are summarized below.

Some authors calculate the value of T from an assumed or prescribed reinforce-
ment strain (ε) which not necessarily produces consistent values (McGuire and Filz,
2008). Therefore, the equations and methods described below are computed adopting
the reinforcement modulus J, not a prescribed value of ε. In the parabolic method the
stress at the reinforcement T is calculated, assuming that the deformation of the rein-
forcement in the pile span (s − b) has a parabolic shape (Figure 7.3). The value of T is
then given by equation (7.11) according to the value of the reinforcement modulus J
to be used (McGuire and Filz, 2008):

96T3 − 6K̂
2
gT − K̂

2
gJ = 0 (7.11)

where

K̂g = σv(s2 − b2)
b

(7.11a)

and (s2 − b2) is the area shown in Figure 7.3.
The tensioned membrane method (Collin, 2004) is an adaptation of the work by

Giroud (1990) for calculating tension in geosynthetics spanning voids. This procedure
assumes a circular void exists beneath the reinforcement with a diameter equal to
the diagonal clear spacing,

√
2 · (s − a), for a square array of columns. Tensioned

membrane theory assumes the deflected shape of the reinforcement is a circular arc
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Table 7.1 General characteristics of some piled embankments in Brazil (Huesker).

Location Embankment Piles Pile Area
(Brazilian Height spacing cap width Fortrac ratio
State) h (m) s (m) a (m) Geogrid

h
(s − a)

l − ac (*)

Paraná 3 2.7 1 150/150 1.76 10.77%
Minas Gerais 11 1.7 0.8 110/110 & 200/200 12.70 17.39%
São Paulo 5.5 2.4 1.1 100/100 4.23 16.50%
Brasília – DF 6 2 0.5 100/100 4.00 4.91%
São Paulo 1.9 2 0.8 400/100 & 300/100 1.58 12.57%

Fortrac 200/100
São Paulo 4.2 2 1.1 400/100; 300/100; 4.67 23.76%

Fortrac 200/100
Rio Grande do Sul 2.4 2.3 0.9 200/200 1.71 12.03%
Rio Grande do Sul 3.6 2.3 0.9 200/200 2.57 12.03%
Rio/SENAC 1.2 2.5 0.8 200/200 0.71 8.04%
Rio/SESC 1.4 2.8 1 200/200 0.78 10.02%

(*) ac = b2/s2 for a squared pile and square caps arrangement (see Figure 7.3 for b and s).

(Figure 7.3). Knowing the value of the modulus J, the value of T is defined by the
equation:

2
√

2 · T · J
σv(s − b)

· sen−1
[
σv(s − b)

2
√

2 · T

]
− T − J = 0 (7.12)

Kempfert et al. (2004) and EBGEO (2010) present charts that consider the possibility
of favorable contribution of the soil reaction below the reinforcement, which is not
recommended in the case of very soft clays, as discussed previously.

McGuire and Filz (2008) presented parametric studies comparing the parabolic
and the tensioned membrane methods and found that the parabolic method results in
greater tensile force values than the tensioned membrane and Kempfert methods.

Other design methods have been presented in the literature. For instance, the
method by Abusharar et al. (2009), derived from Low et al. (1994)’s method, considers
the soft soil as linear elastic, but equations can be manipulated so that the soft soil
reaction does not exist. The method allows calculation of the vertical displacement
under the geosynthetic as well as the geosynthetic tension force T.

7.1.6 Case histories of piled embankments

Recent case histories of piled embankments have been presented in Briançon, Delmas
and Villard (2010); van Eekelen, Bezuijen and Alexiew (2010), van der Stoel et al.
(2010) and ASIRI (2012). Some applications in Brazil are summarized in Table 7.1.

With respect to applications in very soft soils, Almeida et al. (2008a) describe
the behavior of two low piled embankments constructed in Barra da Tijuca (RJ,
Brazil). Instruments were installed a test area to conduct a study on the behavior of
the embankment-reinforcement-cap pile system (Almeida et al., 2007). The test area
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Figure 7.8 (A) Measured settlements in the center of excavated and unexcavated areas (3D arrange-
ment – section 1), (B) Deformation measurements (in the excavated area) on geogrid in
points: (a) on the face of the capital and (b) half distance between caps (Spotti, 2006;Almeida
et al., 2007).

included a conventional three-dimensional layout (square pile caps) as well as a two-
dimensional layout (linear pile caps). An excavation was performed below the geogrid,
in order to accelerate the load transfer to the reinforcement. The settlements measured
between the caps (just above the geosynthetic) in the three-dimensional layout were
in the order of 0.1 m to 0.4 m (Figure 7.8A). The strains in the reinforcement were in
the range of 0.25% to 2.0%, depending on the point of measurement (Figure 7.8B).
McGuire, Filz and Almeida (2009) made predictions of settlements of embankment
1 by means of the Filz and Smith (2006) method and found good agreement with
field monitoring data. Sandroni and Deotti (2008) also reported data of another test
embankment nearby.
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Figure 7.9 Execution sequence of a gravel column in saturated soft soil (McCabe, McNeill and Black,
2007).

7.2 EMBANKMENTS ON TRADITIONAL GRANULAR COLUMNS

One of the most used methods for soft soil improvement is the use of granular columns
with sand or gravel. The granular columns can be installed with or without lateral
displacement of the clay around it. The columns installed with clay displacement
(closed-ended tube) are commonly used, especially if the columns are installed by means
of vibro-replacement. Thus, a network of granular columns is produced which trans-
fers most of the embankment load to the stiffer underlying layer. Granular columns
decrease embankment settlements and improve overall stability. The granular columns
also allow the dissipation of pore pressures by radial drainage, thus increasing the clay
strength and accelerating settlements.

Floating granular columns, i.e., not resting on a hard stratum below the clay layer,
may also be used (Weber et al., 2009, Gäb et al., 2009) and in this case the clay-column
side friction is an important mechanism for load transfer rather than point bearing.

7.2.1 Traditional granular columns using the
vibro-replacement method

Traditional columns have been installed since the mid-twentieth century, often through
the vibro-replacement technique (e.g. Baumann and Bauer, 1974; Raju and Sonderman,
2005; Raju, Wegner and Godenzie, 1998). The granular material used in the columns
is usually gravel (crushed rock), but sand columns are also used, particularly in Japan
(Kitazume, 2005).

Figure 7.9 shows the execution phases of a granular column by the vibro-
displacement process. Initially, a bucket is filled with granular material (Figure 7.9A),
which is then lifted and fills the tube with the granular material (Figure 7.9B). The
tube penetrates the soil by jetting thus increasing the tube diameter (Figure 7.9C) and
once the desired depth is reached, the granular material is introduced into the borehole
(Figure 7.9D). Through upward and downward movements of the tube, the granular
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Table 7.2 Literature recommendations (adapted from FHWA, 1983).

Conditioning Factors Recommendations

% of soft clay going through the 200 sieve less than 15% to 30%
Su of soft clay Between 15 kPa up to 50 kPa (∗)
Diameter of columns 0.6 m to 1.0 m
Spacing between columns 1.5 m to 3.0 m
Length of columns Between 6 m up to 10 m (∗)
Grain diameter of the column material 20 mm to 75 mm
Friction angle of the granular soil 36◦ to 45◦
Stone columnYoung’s modulus 30–100 MPa (lower range for design)

(∗) FHWA (1983) reports cases with Su values as low as 7.5 kPa and column lengths up to 20 m.

material is compacted, while more material is introduced into the preformed hole.
In addition, the jetting is carried out to ensure the formation of a column with clean
granular material (Figure 7.9C, D). This operation is performed up to the ground
surface, until the column is completely formed (Figure 7.9E).

Table 7.2 lists parameter for the proper performance of vibro-replacement tech-
nique based on the experience of more than fifty years (Greenwood, 1970; Thornburn,
1975; FHWA, 1983) with the traditional stone columns technique.

7.2.2 Design and analysis principles

Similarly to the case of vertical drains, granular columns with diameter d can be
installed with spacing l in square or triangular meshes (see Figure 5.4).

Unit cell concept

Most methods of granular columns design are based on the unit cell concept (Fig-
ure 7.10), with diameter equivalent de = 1.13l or de = 1.05l, respectively, in the case
of square or triangular mesh, and the column area, Ac = πd2/4; the total cell area,
A = πd2

e/4, and the area of the soft soil around the column, As = A − Ac. Thus, the
area replacement ratio is defined by:

ac = Ac

A
= c ·

(
de

l

)2

(7.13)

where c is equal to π/4 and π/(2
√

3), respectively for rectangular and triangular mesh.
The soft soil area ratio is then defined by

as = As

A
= 1 − ac (7.14)

Column and soil vertical stress distribution

Studies indicate that when the soil-column system is loaded, a stress concentration
occurs in the columns, due to the greater column stiffness compared to the surrounding
soft soil, thus arching develops. The stress concentration factor n is expressed by the
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Figure 7.10 Unit cell scheme: (A) top view, (B) unit cell, (C) stress distribution.

ratio between the increments of vertical stresses acting in the column �σc and in the
soft clay around it �σs (both defined in Figure 7.10c):

n = �σc

�σs
(7.15)

Numerical studies correlated the stress concentration factor n to the ratio between
the elasticity modulus of the column Ec and elasticity modulus of the clayey soil Es

(FHWA, 1983). The results can be expressed by the equation (Han, 2010):

n = 1 + 0.217
(

Ec

Es
− 1

)
(7.16)

Han (2010) recommended Ec/Es values lower than 20, since higher values are not
mobilized in situ, although they may be measured in the laboratory. For Ec/Es = 20,
n = 5 is obtained, which should be the maximum value of n.

A large number of experimental and numerical studies (Barksdale and Bachus,
1983; Mitchel and Huber, 1985; Kitazume, 2005; Castro, 2008; Murugesan and
Rajagopal, 2010; Choobbasti et al., 2011; Six et al., 2012) have addressed the stress
concentration factor n. Based on these studies the recommended n values for gravel and
sand columns are between 2 and 5. These values of n refer to the top of the column and
for long term conditions. Numerical analyses (Lima, 2012) show that for any given
time n varies with time. Besides n also varies with depth, as a mechanism similar to
arching also occurs with depth.

The applied embankment vertical stress �σ, equal to the specific weight of the
embankment γemb times the height of the embankment hemb, is shared between column
(vertical stress acting on top �σc) and soft soil (vertical stress acting on top �σs).
The equilibrium of the vertical forces within the unit cell yields

�σA = �σc · Ac + �σs · As (7.17)
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By dividing both sides by A:

�σ = �σc · ac + �σs · (1 − ac) (7.18)

Substituting Equation (7.15) in (7.18) yields

�σs = �σ

[1 + (n − 1)ac]
= µs�σ (7.19)

�σc = n · �σ

[1 + (n − 1)ac]
= µc�σ (7.20)

7.2.3 Settlement reduction factor (soil improvement factor)

The classic methods used to calculate settlements in stone columns use generally the
concept of settlement reduction factor β, defined by the ratio between the soft soil
settlement �h without treatment and the soft soil settlement �hs with treatment, or

β = �h
�hs

(7.21)

Settlements on the unimproved (untreated) soft soil can be expressed by the coefficient
volumetric compressibility of the soil mv:

�h = h · mv · �σ (7.22)

Where mv is equal to the inverse of the oedometer modulus, Eoed or mv = 1/Eoed, h is the
clay thickness and �σ is the applied embankment stress (see Figure 7.10). Assuming
that the settlements of the soil-column system are due solely to the soft soil settlement,
one can express it by:

�hs = h · mv · �σs (7.23)

Substituting (7.22) and (7.23) in (7.21)

β = �σ

�σs
(7.24)

And using equation (7.19)

β = 1 + (n − 1)ac (7.25)

The method proposed by Priebe (1978, 1995) is the most used method to estimate the
magnitude of the settlements, as discussed below.
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Figure 7.11 Settlement reduction factor versus area replacement ratio.

7.2.4 Settlement computations

Magnitude of settlements

For the evaluation of settlements of an embankment on granular columns, Priebe
(1995) proposed a calculation method where the following hypotheses are considered:

• The column is based on a rigid layer;
• The column material is uncompressible;
• The bulk density of column and soil is neglected;
• The soil is assumed to be displaced already during the column installation to such

an extent that its initial resistance corresponds to the liquid state, i.e. the coefficient
of earth pressure amounts to K = 1.

• The column material shears from the beginning whilst the surrounding soil reacts
elastically.

• the column rests on a stiff layer;
• soil and column settlements are the same;
• specific weights of the soil and column are disregarded;
• the cross-sectional area of the unit cell remains constant.

Based on these hypotheses, equations for the value of β have been developed
(Priebe, 1995), which for the case of Poisson’s coefficient ν′ = 0.33, is expressed by:

β = 1 + ac

[
(5 − ac)

[4Ka,c(1 − ac)]
− 1

]
(7.26)

Figure 7.11 express Eq. (7.26) graphically.
Priebe (1995) also presents charts and calculation procedures that incorporate

the compressibility of the columns and bulk weights of the column and soil. Based
on monitoring data of eighteen projects using stone columns McCabe (2009) found
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Chart 7.1 Theoretical solutions for calculating the settlement rate.

Disturbance and Permeability Coefficient
Source well resistence Region remolded Load type

Balaam and Booker (1981) No – immediate

Han andYe (2001) No – immediate

Han andYe (2002) Yes Unique value immediate

Castro (2008); Castro and No – immediate
Sagaseta (2009)

Wang (2009) Yes Unique value variable

Xie et al. (2009a) Only Disturbance 3 patterns immediate

Xie et al. (2009b) Yes Variable zone remolded, variable
Standard 2 of Xie et al. (2009a)

good agreement between measured and computed values of the improvement factor β

given by Priebe’s method. The adopted value of friction angle of the column material
in all projects was φ = 40◦, a typical value used in design. Mitchell & Huber (1985)
and Springman et al. (2012) also report good agreement between measurements and
Priebe’s method.

Other calculation methods have been more recently proposed (Bouassida et al.,
2003; Pulko and Majes, 2005; Castro and Sagaseta, 2009) but were not yet sufficiently
assessed.

Mestad et al. (2006) report results of a prediction symposium in which seventeen
groups predicted settlements of a field test. In general, the predictions presented a high
discrepancy in results, even when carried out by the same calculation method with dif-
ferences of almost 100% on settlements values at the embankment centerpoint. Mestat
et al. (2006) concluded that either complex 3D finite element models or simple one-
dimensional approach, with a “good’’ choices of parameters, may result in adequate
settlement predictions.

Numerical methods, in particular finite elements, have been extensively used at
present (e.g., Kirsch and Sondermann, 2001; Gäb et al., 2009; Weber et al., 2009;
Castro and Karstunen, 2010) in order to allow a number of possibilities not available
in analytical methods. However, the adequate use of numerical methods is not trivial
and require due consideration of the column installation effects (Egan et al., 2008) and
also 2D versus 3D correspondence as well as consolidation analyses.

Settlement rate

Several authors have presented theoretical solutions for calculating the variation of
settlement with time and a compilation of some important studies is presented in
Chart 7.1.

The clay penetration in the column during its installation, using the vibro-
replacement method, may results in substantial reduction in the permeability coef-
ficient of the column material (Han, 2010). Even so, for usual adopted column
replacement ratio values ac, the settlements of embankments on granular columns
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usually stabilize relatively fast, most often in a matter of a few months (Tan, Tjahyono
and Oo, 2008).

7.2.5 Stability analysis

In general, the stability analysis of embankments on granular columns is performed
on the basis of the composite ground parameters, i.e., the strength parameters cm and
φm and the specific weight γm of the soil-column system. These are calculated from the
strength parameters of the soft clay (cs = Su and φs = 0; relevant for undrained total
stress analysis) and the granular column (φc), and the stress concentration parameter m.
Priebe (1995)’s method is the most currently used for this purpose and the values of
cm and φm are determined by:

tg φm = m tg φc + (1 − m)tg φs (7.27)

cm = (1 − m)cs (7.28)

The parameter m is calculated from the relative stress distribution between column-soil,
defined from the parameters n (Eq. 7.15) and ac (Eq. 7.13), according to:

m = ac
�σc

�σ
= acµc (7.29)

Or substituting (7.20) in (7.29):

m = acn
[1 + (n − 1)ac]

(7.30)

Priebe (1995) developed graphics based on ac and φ′
c for the rapid determination of m.

Di Maggio (1978) recommended a lower limit of m = ac. The average specific weight
of the improved soil can be expressed as:

γm = γc ac + γs(1 − ac) (7.31)

Alternatively, the stability analysis may be performed directly without using the concept
of composite ground, i.e., granular columns and soft soil are both materialized in the
embankment foundation (Kitazume, 2005). In this more classical type of analyses due
correspondence has to be done regarding the 3D versus plane strain analyses, as the
circular column changes to a trench (Tan et al., 2008).

7.2.6 General behavior of embankments on granular columns

Construction of embankments

Studies of physical modeling in a centrifuge by Almeida (1984) and Almeida, Davies
and Parry (1985) compared the performances of two embankments with granular
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Figure 7.12 Prototype centrifuge model: (A) geometry of the embankment 6, (B) loading history of
embankments 3, 4 and 6 (Almeida, 1984).

columns (embankments 4 and 6) installed with an open tube (soft clay previous
removed), with an embankment without granular columns (embankment 3).

In such cases the columns were installed only under the slope of the embankment
(with the main purpose of increasing stability), as illustrated in 7.12A (prototype). This
alternative, which is more economical than the reinforcement of all the clay under the
embankment, has been used a few times (Rathgeb and Kutzner, 1975; Yee and Raju,
2007).

Two ac area substitution ratios (Eq. 7.13) of the clay were used in this case:
4.9% (embankment 4, s = 3.0 m, d = 1.0 m) and 8.7% (embankment 6, s = 4.0 m,
d = 1.0 m). These values are lower than those commonly used in very soft clays (gen-
erally between 10% and 20%), but were intended to evaluate the worst case scenario
for the effectiveness of granular columns for ground improvement in soft soils.

The three embankments were built in five stages, with loading histories indicated in
Figure 7.12b (scale of prototype). Embankment 3 had a lower final height (which was
the failure height) than the other two embankments with columns (without failure) and
also required a much longer construction period (unrealistic in terms of engineering
practice).

Horizontal displacements

The results of horizontal displacements δh for embankments 3 and 6 are shown in
Figure 7.13, for inclinometer I1 for the positions indicated in the figure. Comparing
the displacements in the foundations of embankments 3 and 6, we conclude that:

• Embankment 6, with granular columns, presented about half the displacements
to those of embankment 3, without granular columns, and reached the greatest
height in the shortest construction period;

• Embankment 3 presented a more drastic variation of displacements according
to depth than embankment 6, particularly after layer 3. The displacements of
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Figure 7.13 Geometry and inclinometric profile I1 (prototype centrifuge model) (A) embankment 3,
(B) embankment 6 (Almeida, 1984).

the embankment by the end of stage 5 refer to the failure moment, i.e. they
are excessive and incompatible with the behavior of the embankment in service
conditions.

Vertical displacements

The vertical displacements �h at the base of embankments 3, 4 and 6 are compared
in Figure 7.14, at the end of loading stage 5 (see Figure 7.12), which for embank-
ment 3 it is the moment immediately before failure. It is observed that the settlements
in embankments 4 and 6 are quite similar, i.e. the short loading history used in
embankment 4 compensated the smallest granular pile spacing. In embankment 3,
the settlements and the heave in front of the embankment are clearly superior to the
others, confirming the results of horizontal displacements.

Measured pore pressures

The piezometers of, embankment 6, equipped with granular columns under the slope,
presented faster dissipation of excess pore pressures than piezometers of embankment
3 (Figure 7.15). Note, for example, the piezometer P7 located within the region of the



Figure 7.14 Vertical displacements at the base of embankments 3,4 and 6 at the end of stage 5 (Almeida,
1984).

Figure 7.15 Pore pressures measured in embankments 3 and 6 (Almeida, 1984).
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Figure 7.16 Fs variation during construction of embankments 3 and 6 (Almeida, 1984).

sand piles of embankment 6, which had a faster dissipation rate than P6 in embankment
3. Also the piezometer P1 relatively far from the piles in embankment 6, also had a
faster dissipation rate than P1 in embankment 3.

Stability analysis: Staged embankments with and without granular columns.
The stability analyses of embankments 3 and 6 were performed in terms of effective

stress, using the measured the pore pressures during the staged construction (some
measured values are shown in Figure 7.15).

A comparison is presented in Figure 7.16, between the safety factors Fs of embank-
ments 3 and 6. As expected, much greater values of Fs are observed – and also Fs

increases in each stage – for the foundation treated with granular columns. Embank-
ment 6 was approximately 13 m in height without failure, the final Fs value around
unit. Embankment 3 failed at 11.6 m high, with Fs equal to 0.91.

The better results of stability analyses, and maximum height reached by embank-
ment 6 with granular columns, compared with embankment 3 without columns,
clearly indicates the beneficial effect of the granular columns as a soft clay ground
improvement technique.
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Figure 7.17 Schematic of geosynthetic encased stone column (Murugesan and Rajagopal, 2006).

7.3 ENCASED GRANULAR COLUMNS

7.3.1 General description

When the stone columns are installed in extremely soft soils, they may not provide
significant load capacity owing to low lateral confinement. McKenna et al. (1975)
reported cases where the stone column was not restrained by the surrounding soft
clay, which led to excessive bulging, and also the soft clay squeezed into the voids of
the aggregate. The squeezing of clay into the stone aggregate ultimately reduces the
bearing capacity of stone column. Also the lower undrained cohesion value demand
more stone column material.

The use of traditional stone columns is limited to certain values of undrained
cohesion of the soft soil (see Table 7.2), thus confining the granular column with a
high-stiffness geosynthetic encasement (Raithel et al., 2000; Alexiew et al., 2005; di
Prisco et al., 2006; Murugesan and Rajagopal, 2006) could overcome this difficulty.

Van Impe and Silence (1986) were probably the first to recognize that columns
could be encased by geotextile. They produced an analytical design technique that was
used to assess the required geotextile tensile strength. Details on this technique were
provided by Kempfert et al. (1997). Raithel and Kempfert (2000) produced an ana-
lytical design technique for assessing column settlement based on geotextile stiffness.
An update, including use on recent projects in Europe, was provided by Raithel et al.
(2005) and Alexiew et al. (2005) and in South America by Mello et al. (2008). The
general idea of Geosynthetic Encased Columns (GEC) is shown in Figure 7.19. Also,
the principle of this technique, developed in Germany in the mid-1990s, is shown in
Figure 7.18.
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Figure 7.18 Outline of an embankment built on soft soil over columns encased with geosynthetic
(Raithel and Kempfert, 2000).

In general, the encasing used for the columns consists of a woven geotextile
with high modulus and low creep coefficient, which maintains the favorable drainage
characteristics of the granular column. The granular material used can be sand or
gravel; the latter, however, provides higher overall column stiffness.

The geosynthetic encasing ensures the nominal column diameter, minimizes
material losses, increases overall column stiffness and avoids granular column
contamination preserving its permeability.

7.3.2 Execution methods

Encased columns can be executed with or without lateral displacement of the clay thus
two different methods are generally available with regards to the GEC construction
technology.

The first technique is the displacement method where a closed-tip steel pipe is
driven down into the soft soil followed by the insertion of the circular woven geotextile
and sand or gravel backfill (Figure 7.19). Finally, the pipe is pulled upwards under
optimized vibration designed to compact the column and then the column is completed.

The displacement method is commonly used for very soft soils (e.g. <15 kN/m2).
Encased columns have usually a diameter of approximately 0.80 m, the diameters

of geotextile casing and tube (inside) being the same (Alexiew, Horgan and Brokemper,
2003). The column spacing is typically between 1.5 m and 2.5 m and the stiffness
modulus (J) of the geotextile generally varies between 1500 kN/m and 6500 kN/m.

The second construction technique used for encased columns is the replacement
method with excavation of the soft soil inside the pipe. With the replacement method,
an open steel tube is driven deep into the bearing layer and the soil within the tube
is removed out by auger boring as shown in Figure 7.20. The replacement method
is preferred for soils with relatively higher penetration resistance or when vibration
effects on nearby buildings and road installation have to be minimized.
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Figure 7.19 Displacement method for GEC installation (Alexiew, 2005).

Figure 7.20 Replacement Method (Gniel and Bouazza, 2010).

7.3.3 Calculation methods

The most widely used calculation methods for encased columns design are the ones
proposed by Raithel (1999) and Raithel and Kempfert (2000). The main hypotheses
of these methods for a unit cell with radius re are (refer to Figure 7.19):

• column installed in underlying non-deformable layer;
• equal settlements for the column and soil around it;
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Figure 7.21 Calculation model of the granular encased column.

• active earth pressures Kac on the column;
• for the excavation method, Kos = 1 − sin φ′ is used for the soil surrounding the

granular column; for the displacement method, K∗
os (increased Ko) is used;

• the geotextile reinforcement has a linear elastic behavior;
• calculation for the drained condition (soft clay with parameters c′

s and φ′
s), because

this is the condition for larger settlements.

The geosynthetic responsible for the encasing (cylinder radius rgeo) has a linear-
elastic behavior and stiffness modulus J, and the increase in tensile force of the
geosynthetic is given by:

�FR = J · �rgeo

rgeo
(7.32)

The compatibility of horizontal deformations relates the value of the column radius
variation (�rc) with the variation of the geosynthetic radius (�rgeo) according to
Eq. (7.33), where rc is the initial column radius:

�rc = �rgeo + (rgeo − rc) (7.33)
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The variation of the column radius (�rc) is calculated by means of the approach pro-
posed by Ghionna and Jamiolkowsky (1981) according to the difference of horizontal
stresses �σhdif = �σhc −(�σhs +�σhgeo), resulting in partial mobilization of the passive
pressures in the surrounding soil:

�rc = �σhdif E · (1/ac − 1) · rc) (7.34)

The objective is to obtain the value of �rc in order to obtain the force acting on
the geosynthetic (Eq. 7.32) and the settlement (Eq. 7.38) result due to loading (�σ0)
generated by the construction of the embankment over the column.

The horizontal deformation of the column �rc and the settlement of the soil �hs

(accepted as equal to the settlement of the column �hc) can be calculated by an itera-
tive process using Eq. (7.35) and (7.36). The calculations are based on the approach
proposed by Ghionna and Jamiolkowsky (1981). In the iterative process, one must
determine the value of �σvs, and then the value of �rc using Eq. (7.36).

⎧⎪⎪⎨
⎪⎪⎩

�σv,s

Eoed,s
− 2

E∗ · vs

1 − vs

⎡
⎢⎢⎣

Ka,c

(
1
ac

· �σ0 − 1 − ac

ac
· �σv,s + σv,0,c

)
−

K0,s · �σv,s − K∗
0,s · σv,0,s + (rgeo − rc) · J

r2
geo

− �rc · J
r2
geo

⎤
⎥⎥⎦

⎫⎪⎪⎬
⎪⎪⎭ · hc

=
[
1 − r2

c

(rc + �rc)2

]
· hc (7.35)

�rc =
Ka,c ·

(
1
ac

· �σ0 − 1 − ac

ac
· �σv,s + σv,0,c

)
− K0,s · �σv,s − K∗

0,s · σv,0,s + (rgeo − rc) · J
r2

geo

E∗

(1/ac − 1) · rc
+ J

r2
geo

(7.36)

where:
ac = Ac/A (ratio of the areas);
�σ0 – increase of vertical stress (embankment over columns);
σvoc – initial vertical stress (without surcharge) of the column soil;
σvos – initial vertical stress (without surcharge) of the surrounding soil;
Kac – active pressures coefficient generated by the material of the column.

The value of E∗ is given by:

E∗ =
(

1
1 − vs

+ 1
1 + vs

· 1
ac

)
· (1 + vs) · (1 − 2vs)

(1 − vs)
· Eoed,s (7.37)

where νs is the Poisson ratio of the soil and Eoeds is the oedometer (constrained) modulus
of the soil.

The settlement of the column-soil system is given by:

�hs = �hc =
(

1 − r2
c

(rc + �rc)2

)
· hc (7.38)
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where hc is the height of the column and rc is the initial radius of the column.
It is recommended to update the values rc and hc based on values from �rc and

�hs (or �hc during the iterations). For preliminary calculations, it is recommended
to use the oedometer modulus of the soil as a constant value. For a more precise
calculation, one should consider the modulus of the soil dependency on the stress level
(see Equation 7.39), and its variation is represented by the equation:

Eoed,s = Eoed,s,ref ·
(

P∗

Pref

)m

(7.39)

where:
Eoedsref – reference oedometer modulus (modulus obtained for stress Pref);
Pref – reference stress;
Eoeds – oedometer modulus for a given stress;
P∗ – active earth pressure;
m – exponent.

For practical applications, one may use the value P∗ (Kempfert and Gebreselassie,
2006), given by the following equation:

P∗ = (σ∗
2 + σ∗

1)
2

(7.40)

which:

σ∗
1,2 = 1

2
· {(�σv,s + σv,0,s) + [K0,s · �σv,s + K∗

0,s · σv,0,s + �σh,diff ]} + cs · cot φs (7.41)

where cs is the soil cohesion and øs is the friction angle of the soil. In this case, σ∗
1 and

σ∗
2 are the stresses before and after loading, respectively.

A parametric study by Alexiew, Brokemper and Lothspeich (2005) for a typical
example of embankment on soft soil, shown in Figure 7.22, illustrates the application
of the equations above. In this study, there was a variation of the following parame-
ters: modulus J of the geotextile, between 1000 kN/m and 4000 kN/m; height of the
embankment, between 6 m and 14 m; column spacing, in terms of ac replacement ratio
between 10% and 20%. The results of this study for the oedometer modulus value of
the soil equal to 500 kPa are given in Figure 7.23.

Almeida et al. (2013) compared Raithel (1999)’s analytical solution with two-
dimensional finite element analyses and observed good agreement. Parametric studies
showed that the influence of the geosynthetic encasement on settlement improvement
is proportionally greater in shallow soft soil layers.

7.3.4 Case histories for applications of embankments over
encased granular columns

Encased sand columns were first used in South America on a highway (Mello et al.,
2008) near the city of São José dos Campos, 100 km from São Paulo. The subsoil
at that location is composed of two soft clay layers separated by a silty sand layer.
The columns were installed using Franki pile driving equipment with a closed end.
After installation of the encasing, the sand was placed inside the geosynthetic and the
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Figure 7.22 Outline of the embankment analysis (Alexiew, Brokemper and Lothspeich, 2005).

Figure 7.23 Settlements x encasing modulus for Eoedsref = 0.5 MPa (Alexiew,Brokemper and Lothspeich,
2005).
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Figure 7.24 Execution details of encased columns.

Table 7.3 Summary of the column characteristics and results (Mello et al.,
2008).

Characteristics Values

Diameter of columns 0.70 m
Geotextile used for encasing ultimate stress of 130 kN/m

and stiffness of 2,000 kN/m
Length of columns ≈10 m
Spacing 1.85 and 2.2 m
Measured settlements 100 mm
Stabilization period after initial readings 6 months

Table 7.4 Characteristics of the loaded area and columns (Alexiew and
Moormann, 2009).

Characteristics Values

Diameter of columns 0.78 m
Length of columns 10 m–12 m
Spacing 2 m × 2 m
Geotextile used for encasing Ringtrac 100/250 and 100/275

tube was removed using a vibrating hammer. Figure 7.24 shows the column in the final
stages of execution, and Table 7.3 summarizes the characteristics of the columns and
some monitoring results.

For the construction of part of the CSA coke stockyard (Alexiew and Moormann,
2009) encased sand columns were also used. In the area where this technique was used,
the local subsoil consisted of very soft and compressible clay layers. The characteristics
of the columns used at this location are summarized in Table 7.4.

To assess the effectiveness of the encased columns in relation to stone column
foundations, the results of field tests are presented Figure 7.25 (Kempfert, 2003) where
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Figure 7.25 Soil improvement factors depending on area replacement ratio (Kempfert, 2003).

the improvement ratio β is plotted against the area ratio and it is clearly observed that
encased columns present greater β values than stone columns.

7.4 FINAL REMARKS

This chapter described three construction methods and design procedures for embank-
ments over pile-like elements. Smaller settlements and faster execution are the main
advantages of these construction methods compared to traditional methods. The three
methods described here have been used in very soft soils and have shown better
performance for moderately to high embankments.

The use of embankments with improved geotechnical strength properties and ade-
quate compaction improves the overall performance of such construction techniques.
The same may be said about the use of geosynthetics at the base of embankments
over granular columns. The successful application of these techniques requires careful
geotechnical design, with details for each component (column, cap, fill, geosynthetic)
and the interface between them, in addition to careful execution on site.

Considering the diversity of materials employed in the techniques described herein
(fill, soft soil, geosynthetic and pile or column) with different strength and deforma-
bility characteristics, numerical methods are recommended, such as Finite Element
for complementary analyses. The embankment on reinforced concrete slab and piles
technique has been used mainly in cases of very soft and thick layers with tight con-
struction deadlines and when post-construction settlements should be virtually nil.
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Figure 7.26 Example of an embankment over concrete slab.

This technique consists in the construction of a slab over a network of piles with caps,
as shown in Figure 7.26.

Compared with the geogrid, the slab does not present embankment deformations
in the medium and long term and, moreover, the embedment of the piles contributes
to a better distribution of horizontal loads on the periphery of the embankment.
The main disadvantage of this technique is the high cost.
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Chapter 8

Monitoring embankments
on soft soils

Embankments on soft soil are monitored to fulfill objectives that include assessment of
the design assumptions; planning of the field work, especially in terms of loading and
unloading stages; and to ensure the structural integrity of the neighboring construc-
tions. In order to achieve the above objectives some important criteria must be met:

• The magnitudes of each type of measurement as well as the range of expected
variations must be known in advance;

• The analyses should be performed immediately after the readings, to provide
adequate timing concerning the field works;

• The plan of instrumentation should inform how and where the instruments will be
installed (e.g., location and depth), the recommended reading frequencies and how
the measures will be taken, the warning values and the decisions associated with
such values. It should also inform how often analyses reports should be presented;

• The instruments must be located by coordinates and altimetry. The instrumenta-
tion should be installed, whenever possible, close to places where previous site
investigations have been performed.

It is out of the scope of this book to describe each type of instruments used, with
their advantages and disadvantages, for which the reader should refer to the relevant
technical literature (e.g., Dunnicliff 1998). Instruments generally used for monitoring
the behavior of embankments on soft clays in general are shown schematically in
Figure 8.1a the main instruments used for stability control, and in Figure 8.1b the
instruments used for settlement control. The instruments presented in Figure 8.1 are
described in the items below. Each instrumentation plan should be adapted to the
specific type of construction method or ground treatment adopted.

8.1 MONITORING VERTICAL DISPLACEMENTS

8.1.1 Settlement plates

The settlement plate, used to measure the vertical displacements, is the simplest instru-
ment used in any monitoring plan. It is usually composed of a metallic square plate
screwed to rods, as shown in Figure 8.2, thus allowing its extension with the eleva-
tion of the embankment. The PVC tube surrounding the rod minimizes the rod-fill
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Figure 8.1 Schematic outline of section of monitored embankments over soft soils.

Figure 8.2 Detail of a settlement plate.

material friction. The presence of a benchmark near the embankment is fundamental
for settlement plates monitoring.

To avoid damage to the plates, a protective enclosure is quite commonly used
around them and it is removed during the elevation of the embankment to allow
careful compaction around the plate (Figure 8.3). The integrity of the instruments must
be garanteed, although accidents with instrumentation are quite common, thus more
plates are sometimes installed to ensure adequate overall monitoring interpretation.

Settlement plates are simple to use and easy to install, thus they should be installed
at the very early stages of the fill placement, so that records of settlements are not lost



Monitoring embankments over soft soils 161

Figure 8.3 Detail of the settlement plate in the field (note the careful compacting around the plate)
and the fence protection.

during this stage. The location of the plates must be such as to allow comparison
between the reading result and design calculations. Thus, it is recommended that
settlement plates are installed near the boreholes and away from the embankment
edge areas, where analysis is more complex.

The frequency of readings depends on the execution schedule of the embankment
and the rate of fill compaction. Usually, during construction of an embankment, read-
ings are carried out twice a week, then once a week after the end of construction.
The team hired to do altimetry readings should also inform the thicknesses of the fill
where plates are installed for each reading. The schedule of the readings can change
according to the characteristics of embankment like height and characteristics of soft
soil foundation such as the coefficient of consolidation.

8.1.2 Depth extensometers

While settlement plates measure the total surface settlements below the embankment,
depth extensometers provide in-depth measurements of settlements associated with the
sub layers with distinct geotechnical characteristics. The extensometers are installed
inside the soft clay layer, as shown in Figure 8.1b and are most commonly used in large
projects.

The magnetic extensometer (Figure 8.4) is the most commonly used for in-depth
settlement measures and consists of installing a tube along the soft layer, through the
anchoring in a fixed unmovable reference. Magnetic rings (spider type) are installed
around the tube and anchored in the soil around it, to enable its displacement together
with the soil. A probe coupled to a graduated tape is introduced in the tube with a
beeping device at the tip that is activated when it passes the magnetic ring. The readings
are taken according to the fixed reference at the bottom tip of the tube.

A number of different types of depth extensometers, based on a number of different
principles may be used, some of them associated with automated data logging, for
instance but it is out of the scope of this book to describe them.



162 Design and Performance of Embankments on Very Soft Soils

Figure 8.4 Detail of a magnetic extensometer.

8.1.3 Settlement Profiler

The settlement profiler (Palmeira and Ortigão, 1981; Borba, 2007) provides a contin-
uous settlement profile along a horizontal line, and this is the main advantage when
compared to the settlement plates, which provide individual settlements. Figure 8.5
compares results for both instruments.

With the settlement profiler a tube is installed at the base of the embankment, very
similar to the inclinometer (described ahead), with a rope inside to pull the probe.

Difficulty may arise when using this type of instrument if the settlements are large,
because it may be difficult to pass the probe through the tube. In this case, the settle-
ment profiler becomes inoperative, which may be prevented by performing settlement
calculations in advance. The profilometer probe may be analogous to the inclinometer
probe.

An advantage of the settlement profiler with respect to settlement plates is that
there are no measuring rods in the embankment, since these usually interfere with the
movement of heavy earthmoving equipment.

8.2 MEASUREMENT OF HORIZONTAL DISPLACEMENTS

The inclinometer is the instrument used for measuring the horizontal displacement
along a vertical distance, through the measurement of the deviation of the tube in
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Figure 8.5 Settlement measurements: (A) from the settlement plates; (B) from the settlement profiler
(Ortigão and Almeida, 1988 – DNER-PRO 381/98).

relation to the vertical. The inclinometer (guide tube) installed in the soil through a
stiffer layer (Figure 8.6A), has grooves along its length (Figure 8.6B) and it may be of
metal or PVC. A probe (probe – Figure 8.6C) with retractable wheels is inserted into this
tube, and the wheels guarantee the alignment throughout its passage inside the pipe.
The grooves of the tube also serve to indicate the direction of the readings in relation
to the construction (Figure 8.6B). For embankments on soft soil, the inclinometer tube
should be installed so that the grooves are perpendicular to the foot of the embankment,
assuring that the greatest displacement is reading in the same direction (AA) as a pair of
alignment grooves. Regardless, readings should be taken in the perpendicular direction
(BB) and, if necessary, the vector resultant of the displacement between directions AA
and BB is then calculated.

Since horizontal displacements can be very high, it is recommended that the
integrity of the tube be verified before each reading. This is done by lowering a dummy
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Figure 8.6 Schematic detail of an inclinometer: (A) and (B) inclinometer tube and inclinometer probe;
(C) inclinometer probe; (D) detail of readings.

probe before the readings to avoid losing the actual probe. Figure 8.6D shows the cal-
culation of the accumulated deviations measured by an inclinometer probe through the
tube, which makes the calculation of the accumulated displacements possible. Readings
are performed at constant intervals (L = 0.5 m, 1 m etc.), in the ascending direction.

8.3 MEASUREMENTS OF PORE PRESSURES

Several types of piezometers may be used for pore pressure measurements. The
Casagrande piezometer (open tip – Figure 8.7A) has a long response time but may be
suitable for long term measurements. The filter, located at the bottom of the piezome-
ter (installation depth), is comprised of a perforated PVC tube wrapped in geotextile
to minimize clogging.
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Figure 8.7 Piezometer scheme outline: (A) Casagrande; (B) electric or vibrating wire.

Electric or vibrating wire piezometers (Figure 8.7B), although more expensive,
have a shorter response time than Casagrande’s piezometer, do not interfere with the
compaction process and can also measure negative pore pressures that occur dur-
ing vacuum preloading. On the other hand, it is possible to do permeability tests in
situ when using Casagrande’s piezometer, which is not possible with the electrical
piezometer.

8.4 MONITORING OF THE TENSILE FORCES IN GEOSYNTHETIC
REINFORCEMENTS

Almeida et al. (2007) describe the instrumentation of a piled embankment with a
geogrids platform. The tensile forces measurement on the geogrid was taken by fixing
three sensors using a connector comprised of a steel rod attached to a sphere, with its
interior moving freely in all directions. This element was used to prevent a moment
in the system. The sensors were protected by a hard PVC tube after installation. This
system was also used (reinforced soil wall), as presented in Riccio (2007).

Magnani, Almeida and Ehrlich (2009) describe the instrumentation of a reinforced
embankment on soft soils, where load cells were installed in the reinforcement to
measure tensile stress. These load cells designed to endure the construction efforts of
earthmoving activities as well as to overcome the relaxation effects on geosynthetics.
These cells were connected in a 1.5 m wide band of geosynthetic material, so that the
geosynthetic fibers were aligned and then secured with epoxy resin.

The instrumentation described by Almeida et al. (2007) and Magnani, Almeida
and Ehrlich (2009) was developed in house and has been used in quite a few studies.
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Fiber optic instrumentation is increasingly for monitoring geosynthetic tensile forces
(Briançon et al. 2010).

8.5 INTERPRETATION OF MONITORING RESULTS

Analyses of settlements s(t) and pore pressure �u(t) versus time can provide important
design information. Examples of there are field coefficient of consolidation and final
settlement values s∞, Chart 8.1 shows some calculation methods proposed by several
authors and the parameters obtained.

8.5.1 Asaoka’s method (1978)

Asaoka (1978) proposed a simple method for the interpretation of the results of set-
tlement measurements over time, to obtain vertical consolidation coefficients and
prediction of final settlements. The method is widely used but some authors have
strong arguments against the method as discussed below. The procedures of using
Asaoka’s method (1978) are:

1 draw the curve s × t and define the value for constant �t;
2 get the values of equally spaced s by �t (Figure 8.8A) and plot them in diagram

si × si−1 (Figure 8.8B);
3 adjust a straight line through the points and obtain the inclination β1 and calculate

cv, ch by Eqs. (8.1) (vertical drainage) and (8.2) ( radial drainage);
4 draw a straight line of 45◦, si = si−1, and obtain the final settlement s∞.

Values of cv and ch are calculated by:

cv = − 5
12

· h2
d · ln β1

�t
(8.1)

ch = −F(n)
8

· d2
e · ln β1

�t
(8.2)

Further details about how to obtain the values of F(n) (Eq. 5.8) and de (Eqs. 5.11 and
5.13) are presented in Chapter 5.

Chart 8.1 Calculation methods for evaluating performance of embankments on soft
soils.

Calculation methods Necessary data for calculation Parameters obtained

Ellstein (1971) s(t) s∞, cv

Long and Carey (1978) s(t) s∞, ch

Tan (1971) s(t) s∞
Asaoka (1978)∗ s(t) s∞ , cv, ch

Scott (1961) s(t) cv, ch

Escario and Uriel (1961) s(t) and s∞ ch

Orleach (1983)∗ �u(t) cv, ch

(∗) presented ahead.
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For combined radial and vertical drainage, a value of cv should be assigned and
ch should be determined, using the following equations:

− ln β1

�t
= 8ch

d2
e · F(n)

+ π2cv

4h2
d

(8.3)

ch = −d2
e · F(n)
8

·
(

ln β1

�t
+ π2cv

4h2
d

)
(8.4)

Time intervals (�t) should be between 30 and 90 days and at least three intervals are
necessary for settlement estimates and cv or ch field estimates, i.e. only after this period
is it possible to obtain results that would lead to a decision by the construction team.

8.5.2 Pore pressure analysis

Pore pressure data may be interpreted according to what is proposed by Orleach
(1983). Values of cv and ch are calculated by:

cv = −4h2
dα1

π2
(8.5)

ch = −F(n)d2
eα1

8
(8.6)

where α1 may be obtained by means of the log(�u) diagram versus t, according to
Figure 8.9.

Since Eq. (8.6) was developed for pure radial drainage, the piezometers used for
the analyses must be carefully chosen. For instance, in case of vertical drains in which
top and botton layers are draining interfaces the piezometers chosen should be those
located closer to the middle of the layer.

Figure 8.8 Graphic construction of Asaoka’s method (1978): (A) time × settlement curve; (B) adjusted
line.
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Figure 8.9 Log curves of pore pressure × time (Ferreira, 1991).

8.5.3 Discussion on obtaining cv and ch from monitoring data

Table 8.1 presents results of coefficients of consolidation obtained from in situ and
laboratory tests compared to field monitoring data for two Rio de Janeiro soft clay
deposits.

Results for Sarapuí clay shown in Table 8.1, present general consistency of results
for ch, but not for cv. Values of cv obtained from settlement data are greater than
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Table 8.1 Values of cv and ch from laboratory and field tests and from monitoring.

Sarapuí Clay (Almeida and Ferreira, 1992)

Calculation methods or direct measure Depth (m) cv (10−8 m2/s) ch (10−8 m2/s)

Oedometer test, Method of Taylor 5–6 1.2 2.4
(Coutinho, 1976)

Piezocone, Houlsby and Teh (1988) 2.2–8.2 1.6–4.4 3.1–8.7
(Danziger, 1990)

Field instrumentation, settlement plates whole layer 17.8 3.1–4.4
Asaoka (1978) (Schmidt, 1992)

Field instrumentation, magnetic extensometers, whole layer 22.6 4.2–8.1
Asaoka (1978) (Almeida et al., 1989)

Field instrumentation, piezometers Casagrande, 3.3-8.3 2.2–4.5 1.2–2.8
Orleach (1983) (Ferreira, 1991)

Clay from Barra daTijuca (Almeida et al., 2001)

Variation range of ch (average)
Calculation methods or direct measure ch (10−8 m2/s) (10−8 m2/s)

Field instrumentation, settlement plates 3.7–10.5 6.8
Asaoka (1978)

Piezocone (Houlsby and Teh, 1988) 2.4–13.7 8.2
Oedometer tests with radial drainage 3.6–6.8 5.0

obtained with piezometer, which seems to be a reflex of secondary compression on the
settlement.

It is noted that for the Barra da Tijuca clay (Table 8.1), the general consistency of
the values is probably due to the use of geodrains for the acceleration of settlements.
in two soft soil deposits in Rio de Janeiro.

When secondary compression settlements are of considerable magnitude and occur
in parallel with primary consolidation settlements, results of cv provided by Asaoka’s
method (1978) may be quite different from in situ and laboratory tests (Almeida and
Ferreira, 1992; Schmidt, 1992; Pinto, 2001). This is because the value of β1 (Fig-
ure 8.8D) is affected by the secondary compression settlements, thus values of cv are
greater than the measured valued in laboratory. The same happens with ch, but to a
much lower degree because primary consolidation is faster when vertical drains are
present and the secondary occurs mostly after the primary consolidation.

Low values of applied stress ratio in relation to the initial stress (�σ′
vf/�σ′

vo) can
lead to errors in the values of cv obtained with the Asaoka’s method (Schmidt,1992)
since in this case, the secondary compression is relatively important. This is because the
lower the value of the increment ratio �σv/σv, the greater the influence of secondary
compression on the settlement curve (Leonards and Girault, 1961).

Almeida et al. (1993) obtained similar cv values from in situ and laboratory tests,
compared with the field values obtained with the Asaoka method (1978), as in this
case the high �σ′

v (embankment height around 24 m), led to hardly any secondary
compression.
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Therefore, the differences in predicted versus consolidation coefficients values
obtained through different methods are due to factors such as:

• in laboratory analysis is one-dimensional, but in the field boundary conditions are
different;

• existing sand lenses make difficult a comparison field versus small scale laboratory
tests;

• observed field secondary compression influences the analysis of the results.

8.5.4 Stability of embankment by horizontal
displacements analysis

The stability of an embankment on soft soil may be qualitatively evaluated based on
inclinometer measurements. From the inclinometer readings, it is possible to calculate
distortions along the inclinometric tube. The distortion d is the arc tangent of the
straight line connecting two consecutive points of the horizontal displacement curve
against the depth, and calculated by:

d = arctg
(

δh1 − δh2

z1 − z2

)
(8.7)

where δh1 and δh2 are the horizontal displacements (Figure 8.6D) in depths z1 and
z2 respectively. Figure 8.10A shows maximum horizontal displacements over time
at a given depth of the inclinometer. It is worthy to note that the depth of these
values may change over time with the consolidation process. Figure 8.10B shows the
distortion profiles measured over time. It is observed that at a depth of 5 m, distortion
is maximum, indicating the yield of the clay at this depth.

The distortion rate can then be calculated for the given depth as:

vd = �d
�t

(%/day) (8.8)

Almeida, Oliveira and Spotti (2000) recommend that:

• Precautions are necessary for vd > 1.5% per day. This can include the interrupting
of loading;

• Special attention is required, for vd between 0.5% and 1.5% per day, since the
yield has initiated but has not been completely propagated; it is recommended
increasing the frequency of readings;

• There are no major concerns at first for vd < 0,5% per day. It is advised the
continuous monitoring, until stabilization can be verified.

It must be noted that the installation of an inclinometer at a specific area does
not indicate that the whole construction will present a similar distortion rate. This is
due to stratigraphy and loading rate variability, which can be different throughout the
construction.

Sandroni, Lacerda and Brandt (2004) proposed a method for safety evaluation
of embankments on soft soils where volumes are estimated from vertical (Vv) and
horizontal (Vh) displacements, which should be obtained since the beginning of the
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Figure 8.10 Inclinometer at sewage treatment plant Alegria: (A) maximum horizontal displacements;
(B) distortion profiles over time (Almeida, Oliveira and Spotti, 2000).

construction (Figure 8.11). The procedure takes into consideration the fact that vol-
umes Vv and Vh are similar, considering plane stress and undrained failure conditions.
When there is tendency to failure, the ratio Vv/Vh has a sharp drop, tending to unity;
when there is loading interruption (loading by stages, for example), Vv/Vh tends to
increase with consolidation.

Magnani et al. (2008) applied these two procedures in embankments with failures
and observed good agreement for the two methods described above.

8.5.5 In situ compression curves

It is possible to obtain the compression curve of a sublayer, as indicated in Figure 8.12
based on pore pressures and extensometers measurements.
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Figure 8.11 Details of estimated volumes from monitoring (Sandroni, Lacerda and Brandt, 2004).

Figure 8.12 Detail of the compression curve of a clay sublayer (adapted from Leroueil, 1997).

Marques (2001) monitored an embankment where vacuum preloading was
applied. The compression curve was obtained from the pore pressure and deformation
measures of two layers (Figure 8.13). Figure 8.14 shows the comparison of compres-
sion curves in situ with the compression curves from conventional oedometer tests
performed in samples collected at the same depth.

The effective vertical stresses at the limit state in situ (overconsolidation stress)
were lower than those obtained in oedometer tests. The Cc value obtained in oedometer
tests was also inferior to those obtained in situ. This behavior was also observed by
Kabbaj, Tavenas and Leroueil (1988) and by Tavenas and Leroueil (1987), for clays of
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Figure 8.13 Pore pressure and vertical deformation measurements by vacuum preloading (Marques,
2001).

Figure 8.14 Compression curves in field using vacuum preloading and in laboratory using oedometer
tests (Marques, 2001).
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Eastern Canada. The values of the effective vertical stress at the limit state of these clays,
obtained by compression curves at the end of the primary (EOP – end of primary) or 24
hours in the laboratory were higher than the overconsolidation stresses obtained in situ.

The differences between laboratory and field compression curves are caused by
several factors. In Figure 8.14, the effect of the temperature difference (field, 7◦C;
laboratory, 20◦C) was superseeded by the effect of low strain rate in the field, when
compared to laboratory results. In Brazil, average soil temperatures are approximately
20◦C; therefore the differences are more associated to the different strain rates (field
that is approximately 10−9 s−1 to 10−12 s−1 and laboratory approximately 10−5 s−1 to
10−7 s−1).

8.6 NEW TRENDS IN GEOTECHNICAL INSTRUMENTATION

New instrumentation equipment technologies have appeared in the last decades.
Among them a promising one uses optical fiber in the geotechnical field. Some advan-
tages of this technology are: low weight, flexibility, long transmission distance, low
material reactivity, electrical isolation and non-sensibility to electromagnetic effects,
in addition to providing computerized readings and easy installation and mainte-
nance (Mello, 2013). Many geotechnical sensors are based on this principle – such
as piezometers, measuring instruments for deformation, displacement, temperature
and pressure. Furthermore, fiber optical inclinometers have also been proposed using
a principle quite different from the one presented in section 8.2. Geosynthetics are
also being monitored using this technology (Briançon et al., 2010), making it possible
to measure deformations and forces in these reinforcement materials. In this case the
optical fiber should be attached to the reinforcement, preventing sliding between these
two materials.

8.7 FINAL REMARKS

Clear goals should be defined in any field monitoring program in terms of limit state
conditions and service state conditions. Considering that factors of safety are quite
low in embankments on soft soils, it is essential to define the warning ranges.

Different methods are available to evaluate the performance of an embankment
on soft soil. As far as consolidation monitoring is concerned the Asaoka (1978)’s
method, based on vertical displacements, is quite often used. In the case of significant
secondary compression settlements in purely vertical drainage the Asaoka method does
not provide satisfactory results for the determination of cv values.

To determine the values of ch for mainly radial drainage, the value for the secondary
and primary consolidation occurring at the same time is usually small, and the resultant
values from ch are satisfactory.

Sometimes it is not possible to identify the heterogeneity of the layers, thus
the coefficient of consolidation used in design may not be verified in the field.
Monitoring makes possible to verify the design criteria and propose adjustments during
construction.

Monitoring with inclinometers is quite important not just to evaluate the stabil-
ity during construction but also to assess horizontal displacements affecting nearby
structures.
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Annex

Table A.1 Geotechnical characteristics of some soft marine clay deposits in Brazil (Lacerda; Almeida,
1995)

Plains of Port of Rio Port of
Santos (SP) Sarapuí (RJ) Grande (RS) Recife (PE) Sergipe (SE)

Soil properties Southeast Southeast South Northeast Northeast

Thickness of clay (m) <50 11 40 19 7
wn (%) 90–140 100–170 45–85 40–100 40–60
wL (%) 40–150 60–150 40–90 50–120 50–90
IP (%) 15–90 30–110 20–60 15–66 20–70
Clay (%) (*) 20–80 20–80 34–96 40–70 65
Specific natural 13.5–15.5 13 15–17.8 15.1–16.4 16
weight (kN/m3)
Activity 1–2.2 1.4–2.3 0.6–1.0 0.4–1.0 0.5–1.0
Sensitivity 4–5 4.3 2.5 – 4–6
Organic matter 2–7 4–6.5 – 3–10 –
content (%)
Cc/(1 + e0) 0.33–0.51 0.36–0.41 0.31–0.38 0.45 0.31 -0.43
Cs/Cc 0.09–0.12 0.10–0.15 – 0.10–0.15 0.10
cv (field)/cv (lab) 15–100 20–30 – – –
Su (kPa)-Vane 8–40 8–20 50–90 2–40 12–25
G50/Su 80 87 – – 45–100
Su/σ′

vm 0.28–0.30 0.35 0.30 0.28–0.32 0.22 -0.24
φ′(◦) 19–24 25–30 23–29 25–28 26–30



Table A.2 Geotechnical characteristics of some soft and very soft clay deposits in Barra da Tijuca and Recreio (RJ).

Locations Area 1 Area 2 Area 3 Area 4 Area 5 Area 6 Area 7 Bedeschi (2004) Area 8 SESC/SENAC

References – Almeida et al. – Crespo Macedo (2004); Baroni – Bedeschi Baroni Almeida et al.
(2008b) Neto (2004) Sandroni and (2010) (2004) (2010) (2001); Crespo

Deotti (2008) Neto (2004)
Thickness of 4–20 2–11 2–15 2–11.5 5–16 2–21.8 1.6–9.5 7.5 2–8 3–12
the soft
to very
soft clay(m)
wn (%) (1) 100–488 76–913 67–207 72–410 116–600 191–670 72–1.200 102–580 56–784 72–500
wL (%) 148–312 86–636 40–65 23–472 100–370 147–521 88–218 97–368 67–610 70–450
IP (%) 80–192 59–405 20–38 11–408 120–250 95–308 47–133 42–200 47–497 47–250
% Clay 26–54 15–60 15–51 – 32 23–93 2–36 – 14–50 28–80
Specific natural 10.2–13.4 10.2–14.0 11.9–14.6 11–12.4 11.6–12.5 10.01–12.7 10.9–14.9 11.2–12.3 10.2–16.9 12.5
weight (kN/m3)
CR = Cc/ 0.4–0.8 0.22–0.49 – 0.27–0.46 0.36–0.5 0.31–0.54 0.11–0.38 0.32–0.48 0.20–0.63 0.29–0.52
(1 + eo)
cv (m2/s) × 0.6–8.8 0.3–3.3 2.1–49 0.1–0.6 0.4–1.2 0.018–19.8 0.6–6.3 0.1–19.2 0.04–7.5 0.17–80
10−8 (2)
eo 3.3–8.2 3.0–21.9 2.2–4.7 3.8–15.0 4.8–7.6 4.0–12.4 1.0–11.6 4.3–9.0 1.4–10.7 2–11.1
Su (kPa) 3–38 4–18 7–41(4) 3–19 5–23 2–23 2–19 1–22 4–22 7–19
Nkt (3) 4–16 4–16 – – 4–9 7–17

(1) Soft clay and peat.
(2) cv values obtained through piezocone (CPTu) and consolidation test for normally compacted clay. Corrections were carried
out for the ch values of piezocone for vertical flow and usually consolidated stretch/portion.
(3) Cone factor = Nkt = (qt − σvo)/Su, obtained by correlation vane-piezocone for the deposit, where qt is the corrected strength
measured at the tip of the cone on the piezocone test and Su is the uncorrected undrained shear strength of the vane test.
(4)Values for the piezocone tests for Nkt = 13.



Table A.3 Geotechnical characteristics of some soft and very soft clay deposits in the state of Rio de Janeiro (Futai et al., 2008).

Santa Cruz Santa Cruz North shore of
Parameter/Clay Caju (Zona 1) (Zona 2) Guanabara Bay Itaipu Juturnaíba Uruguaiana Botafogo

References Lira (1988); Aragão Aragão Aragão Carvalho (1980); Coutinho and Lins and Lacerda
Lacerda and (1975) (1975) (1975) Sandroni Lacerda (1987) Vilela (1976) (1980)
Cunha (1991) et al. (1984)

Thickness of soft 12 15 10 8.5 10 7 9 6
clay layer (m)
wn (%) 88 112 130 113 240 ± 110 154 ± 95.6 54.8 ± 15.9 35
wL (%) 107.5 59.6 125.4 122 175.4 ± 82.6 132.5 ± 43.8 71.3 ± 30.0 38
IP (%) 67.5 32 89 81 74.5 ± 30.1 63.59 ± 22.1 40.5 ± 22.03 11
% Clay – – 54 35 – 60.7 ± 12.74 39.4 ± 10.11 28
Specific natural 14.81 13.24 13.44 13.24 12 ± 1.85 12.5 ± 1.87 16.1 ± 1.39 17.04
weight (kN/m3)
Sensitivity 3 3.39 2–6 – 4–6 5–10 3 –
Organic matter – – – – 32.63 ± 20.46 19 ± 10.63 2.56 ± 1.04 –
content (%)
CR = Cc/(1 + eo) 0.27 0.32 – 0.26 ± 0.15 0.41 ± 0.12 0.31 ± 0.12 0.31 ± 0.15 0.16
Cr/Cc 0.21 0.10 – 0.16 ± 0.04 – 0.07 ± 0.06 – 0.19
cv (m2/s) × 10−8 0.2–18.2 – 0.4 5 1–10 30
eo 2.38 3.09 3.37 2.91 6.72 ± 3.1 3.74 ± 1.89 1.42 ± 0.36 1.1
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Table A.4 Geotechnical characteristics of some soft and medium clays in the North region

Low areas of Belém do Pará (Alencar et al., 2001) Porto Cai N’Água –
PortoVelho

Very soft Variegated clay Soft to medium dark (Marques;
organic clay on underlying the gray clay below the 1st Oliveira and

Parameter/Clay superficial layer 1st layer resistant layer Souza, 2008)

NSPT 0–1 3–6 4–6 0–4
wn (%) 40–88 – – 31
wL (%) 23–58 68 60 –
IP (%) 67.5 43 27 19
% Clay – 81 61 < 30
Specific natural 15–16 17.5–18.7 17.5–18.5 18.9
weight (kN/m3)
Cc 0.8–1.2 0.39–0.67 0.14–0.285 –
cv (m2/s) × 10−8 5.5–8.5 – 3.8–5 20–60
CR = Cc/(1 + eo) – – – 0.1
eo 1.7–2.4 0.91–1.19 0.89–0.94 0.831
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Embankment construction projects on very soft soil often give rise to 
serious problems. This volume on geotechnics and soft soil engineering 
therefore treats all phases of the design and construction process 
exhaustively, from the first investigation step to the monitoring of 
constructed work. The book presents the development concepts necessary 
for the project stages and discusses in great detail construction methods, 
displacement estimations, stability analyses, monitoring, and various 
other aspects involved. Extensive attention is furthermore paid to the 
application of geosynthetics as a tool to improve the stability of soft soils 
and embankments. Including various tables and practical data for many 
geographical areas in the world, this reference volume is essential 
reading for engineers and researchers in geotechnical engineering, 
construction, and related disciplines.
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