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Preface

The adoption of the limit-state philosophy as the basis of current
codes of practice for the design of concrele struclures expresses
the conviction that this philosophy 15 capable of leading 1o safer
and more economical design solutions. After all, designing a
struciural concrete member to its ultimate limit state requires the
assessment of the load-carrying capacity of the member and this
provides a clearer indication of the margin of safety against
collapse. At the same time, the hgh internal stresses which
develop atl the ultimate linnt state result in a reduction of both the
size of the member cross-section and the amoumt of rein-
forcement required to sustain internal actions. (Admittedly, the
latter economy and, of course, safety itsell are dependent on the
actual factor of safety adopted; vevertheless, the more accurate
estimate of the true failure load provides an opportunity to reduce
the uncenainties reflected in the factor of safety in comparison
with, say, elastic design caleulations. )

In contrast to the above expectations for more efficient design
solutions, recent attempts to investigate experimentally whether
or not the aims of limit-state philosophy for safety and economy
are indeed achieved by current codes of practice have yielded
conflicting results. Experimental evidence has been published
that describes the behaviour of a wide range of structural concrete
members (such as, for example, beams, columns, structural walls,
slabs, etc.) for which current methods for assessing structural
performance yield predictions exhibiting excessive deviations
from the true behaviour as established by experiment. In fact, in
certain cases the predichons underesumate considerably the
capabilities of a structure or member — indicating that there is
still a long way to go in order to improve the economy of current
design methods — while in other cases the predictions are clearly
unsafe as they overegstimate the ability of a structure or member
to perform in a prescribed manner; and this provides an even
more potent pointer to the fact that a rational and unified design
methodology s sull lacking Tor structural concrete.

In the authors” book, Structural Conerete, published in 1995,
the investigation of the causes of the above deviations led o the
conclusion that the conflicting predictions are due w0 the
idequacy of the theoretical basis of the design methods which
are used to implement the limit-state philosophy in practical
design, rather than to the unrealishe nature of the mms of the
design philosophy as such. In fact, it was repeatedly proven in the
hook that the fundamental assumptions of the design methods
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which descnibe the behaviour of concrete at both the material and
the structure levels were adopted as a result of misinterpretation
of the avalable experimental information and/or use of concepts
which, while working well for other materials (e.g. steel) or
regimes (e.g. elastic behaviour), are nol necessarily always
suitable to concrete structures under ultimate-load conditions.
Therefore, it becomes clear that the theoretical basis of current
design methods requires an extensive revision if the methods are
consistently to yield realistic predictions as a result of a rational
and unified design approach.

Such a revision has been the subject of comprehensive
research work carried out by the authors over the past decade.
This was done concurrently at two levels. One of these — the
higher level — was based on formal finite-element (FE)
modelling of structural concrete with realistic material properties
and behaviour as its cornerstone: most of the ensuing resulls are
contained in the aforementioned book. At the second — the
lower — level, an attempt was made to reproduce the essential
results of complex numencal computations by means of much
simpler calculations which would require no more effort than is
the case with current code provisions. The latter approach was
deemesd necessary because, although the authors” FE model has
proved useful as a consultancy tool for the design, redesign,
assessment and even upgrading of reinforced concrete structures,
the fact remains that most design offices still rely on simplified
calculation methods which, if not quite “back-of-the-envelope’
stuff, are quick, practically hand-based (or easily programmable),
provide (or claim to provide) a physical feel for the problem. and.
of course, conform to the simple methodology of code
regulations. The alternative methodology at this level, which
siems from the authors’ work and is the subject of the present
book, and which may provide the basis for a new, improved
design approach for the implementation of the limit-state
philosophy into the practucal design of concrete structures,
involves, on the one hand, the identification of the regions of a
structural member or structure through which the external load is
transmitted from its point of application o the supports, and, on
the other hand, the strengthening of these regions so as to impart
to the member or structure desired values of load-carrying
capacity and ductility. As most of the above regions enclose the
trajectones of internal compressive actions, the new methodology
has been termed the “compressive-force path” (CFP) method. In
contrast o the methods implemented 1n current codes of practice,
the proposed methodology is fully compatible with the behaviour
of concrete (as described by valid experimental information) at
both the matenal and the structure levels.

Although the CFF method might appear, at first sight, to be a
rather unorthodox way of designing structural concrete, il is easy,
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with hindsight, to see that it conforms largely to the classical
design of masonry structures by Greek and Roman engineers.
These tended to rely greatly on arch action — later expressed
{and extended) through the Byzantine dome and the Gothoe
vaulting. Now, such a mechanism of load transfer may seem
largely irrelevant for a beam exhibiting an elastic response.
However, for a cracked reinforced concrete girder close to failure
the parallel with an arch-and-tie system reveals striking
similarities between the time-honoured concept of a compressive
arch and the newly-proposed CFP method.

The aim of the present book, therefore, 1s to introduce
designers to the ‘compressive-force path® method. Such an
introduction not only includes the description of its underlying
theoretical concepts and their application in practice but, also,
presents the causes which led to the need for a new design
methodology for the implementation of the limit-state philosophy
into practical structural concrete design together with evidence
— both expenmental and analytical — supporting its vahdity.
The book is divided into four chapters. Chapter 1 presents
characternistic cases of structural concrete members, mostly
designed in compliance with current code provisions, for which
the behaviour predicted by the methods implemented in such
code provisions deviates excessively from that established by
experiment. In Chapter 2, the results obtained from an
investigation of the fundamental causes which led to the
excessive deviations discussed in the preceding chapler are
described. These results from Chapter 2 are summarised in
Chapter 3 so as to then form the theoretical basis of the proposed
design methodology. The lauer is fully described in Chapter 4,
together with examples of its application in practical structural
concrete design.

The authors are fully aware, of course, that code tenets cannot
be ignored by the majority of designers, not only because of legal
implications but, more positively, because many guidelines
(especially those related to flexural failure) have been shown 1o
provide sensible predictions for a wide range of reinforced
concrete problems. Nevertheless, there are clearly problems
{mainly those where ‘shear’ failures occur) for which code
guidelines are less successful in their predictions, and such
difficulties need to be addressed. The present book is intended 1o
address such problems. Ultimately, however, it 18 up to the
experienced engineer, as well as the yvoung graduvate or student
well acquainted with present-day code rules, to decide whether or
not ideas contained in this book do, in fact, provide a rational
alternative 1o the design of structural concrete members.

The authors wish to express their gratitude to Dr Jan
Bobrowsk: (of Jan Bobrowsk: & Partners, and Visiting Professor
at Imperial College) for the many discussions they had with him
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on various aspects of structural concrete design: their research
work has been strongly influenced by Jan's design philosophy
and achievements, and this is certainly reflected in the method
proposed in the book. The excellent collaboration established
with Thomas Telford’s editorial team during the preparation of
the earher book Structural Concrere has continued with the
present work, its production proceeding in a relaxed and almaost
effortless manner under Linda Schabedly's authoritative editorial
direction and the precise artwork of Lynne Darnell.



1. An appraisal of the validity of
predictions of current design methods

1.1. Introduction

The design of a structural concrete member for uliimate strength
requires the availability of methodologies capable of yielding
realistic predictions of the member’s ultimate characteristics,
such as, for example, flexural capacity, shear capacity, ductility,
ete. The efficiency of the resulting design solutions, therefore, is
clearly dependent, 10 a large exient, on the ability of the
methodology used to assess accurately these characteristics.

Current methodologies commonly employved for assessing the
altimate charactenistics of a structural concrete member involve
the use of analytical formulations which express the strength
charactenstics as a function of the member geometry and
dimensions, as well as the mechanical properties of the materials
from which the member is made. An important feature of these
analytical formulations i1s the inclusion in them of empirnical
parameters, the evaluation of which is essential for the calibration
of the formulations, such calibrations being achieved by using
experimental data on the strength and deformational charac-
teristics of the member. It 1s evident, therefore, that the very need
o include these empirical parameters implies that the analytical
formulations vield predictions which deviate from the
corresponding values established by experiment.

Deviations up o approximately 10% are generally considered
as natural since they are wsoally dee 1o the scatter of the
experimental data used for the calibration of the semi-empirical
formulations relevant o the design method employed. On the
other hand, deviations between approximately 10% and 20% are
usually attnbuted to the lack (or deficiency) of experimental data
sufficient to secure a conclusive calibration of the semi-empirical
formulations. In the later case, the acguisition of additional data
may improve the calibration, thus leading to a reduction of the
deviation of the predicted values of the strength characteristics
from the true ones to its natural level which, as pointed out
above, 15 of the order of [10%.

Dewviations larger than 2009 should be annbuted to the lack of
a sound theory underlying the denivation of the semi-empirical
analytical formulations. In such a case. a reappraisal of the
underlying theory is essential before an attempt is made w0
improve the prediction by acquiring additional experimental data
for the more accurate calibration of the analytical formulations
used,
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1.2. Structural
walls under
lransverse
loading

Fig. I.1. Derails of the
structaral walls

designed 1o the
I'.'I'."d!fll' 1.2

To this end, the objective of the present chapter is the
presentation of typical cases of structural concrete members, in
most cases designed in compliance with current code provisions,
the behaviour of which (as established by expenment) exhibats
considerable deviation from the analytical predictions. For each
case presented, attention is focused on identifying the particular
formulations which cause the deviation of the predicted response
from the measured response, with the aim of establishing the
extent of the revision that current design methods require. The
investigation of the fundamental causes of the inability of the
above formulations to yield realistic predictions of the
behavioural characteristics of structural concrete members forms
the subject of the next chapter.

The experimental data, on which the discussion in the present
section is based, are fully described in references 1.1 and 1.2,
Therefore, in what follows, this experimental information will be
presented only in a concise manner, as the aim is to highlight the
most important features of the structural behaviour of the tested
walls,

Figure 1.1 shows the geometnc charactenistics and dimensions
of the walls together with the arrangement and diameter of the steel
bars reinforcing a reinforced concrete (RC) structural wall (SWA)
connected to upper and lower beams. (Throughout the book, all
dimensions are in mm, unless stated otherwise.) The wall was
clamped 1o the laboratory floor through the lower beam so as to
form a fully-fixed connection, while the load was applied through
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Fig. 1.2. Experimental  the upper beam as indicated in the experimental set-up depicied in
set-up forthe Fig. 1.2. Although the wall behaviour was established under
strosctural walls various combinations of vertical and horizontal loads, only the
response under horizontal Joading is discussed in the following,
The yield and ultimate stresses of the 8 mm diameter bars were
470 MPa and 565 MPa respectively, while for the 6 mm diameter
bars the values of the above charactenstics were 520 MPa and
610 MPa. The uniaxial cylinder compressive strength of concrete
was 37 MPa.
By using the above material properties and geometric
characteristics, the methods recommended by current codes yield
vialues of the flexural and shear capacities equal to at least 200
kNm and 340 kN respectively, cormresponding to values of the
external load equal to 240 kN and 340 kN. (As the various codes
share essentially the same premises, the actual load values
obtained do not differ greatly from each other; for example, the
present calculations encompassed the use of the following codes:
BS §110.'" ACI 318-83."* Canadian,'” CEB-FIP Model
Code,"" Greek.'” Clearly, the wall's load-carrving capacity is
the smaller of the above two values of the applied load, and. if
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Fig. I.3. Dexign
details of the
stractural wall with
horizomnal
reifforcement 30% of
that specified by the
codes
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this i1s exceeded, flexural failure is expected to occur at the base
of the wall, since the member's shear capacity is not expected to
be exhausted for values of the applied load smaller than 340 kKN.

In fact. by using the experimental set-up of Fig. 1.2 for
subjecting the structural wall to a horizontal load (H)
monotonically increasing to failure, it was found that the wall
sustained H =260 kN. This correlates closely with the value
predicted by codes, the latter underestimating the experimentally
established value by approximately 8%.

The structural wall SWB in Fig. 1.3 differs from wall SWA in
Fig. 1.1 only in the number and spacing of the horizontal bars of
the reinforcement. The bar spacing is 240 mm (i.e. three times the
bar spacing in wall SWA) and, therefore, the total amount of the
horizontal reinforcement 1s approximately 30% of that for wall
SWA, As a result, in accordance with current code provisions, the
contribution of the horizontal web reinforcement to shear
capacity 15 reduced by about 67%, so that the predicted external
load corresponding 1o shear capacity 1s now 155 kN, In fact, this
value must represent the load-carrying capacity of wall SWB,
since the load causing flexural failure remains the same as that of
wall SWA (ie. 240 kN).

Yet, in contrast with the case of wall SWA, the above
prediction is not verified experimentally. In a repetition of the
experiment carried out using wall SWA, wall SWB was found to
faal again in “flexure’ and not, as now expected, in “shear’. The
load-carrying capacity was recorded as i =247 kN, a value about
60% larger than that predicted through the usuwal design
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1.3, Simply-
supported
reinforced
concrete
T-beams

calculations. It would appear, therefore, that for the case of wall
SWB, the methods recommended by current codes are mcapable
of predicting not only load-carrving capacity, but also the mode
of failure.

It the predicted value of the shear capacity is ignored, the
above results show that the methods currently uwsed for the
calculation of the flexural capacity vield realistic predictions.
Such predictions were found to deviate from the experimental
values by approximately 8%, which cannot be considered as
indicative of the need for a reappraisal of the method used to
assess flexural capacity. However, the need for a reappraisal of
the methods currently wsed for assessing shear capacity appears
o be mandatory. Although flexural failure of the walls did not
allow the accurate assessment of the deviation of the predicted
from experimental value of the shear capacity, it is evident that
this deviation may exceed 60%, which is the deviation of the
predicted shear capacity from the expenimentally established
flexural-failure value for wall SWB.

The finding that the transverse reinforcement required 1o
prevent “shear” failure is significantly smaller than that specified
by present code provisions is indicative of the fact that current
codes overesimate the contribution of such reinforcement at the
expense of the contribution of other strength reserves which may
exist in concrete or in the interaction between concrete and steel.
The idenufication of such strength reserves and the assessment of
their contribution to the total shear capacity may lead 1o a
significant reduction of the amount of transverse reinforcement:
this outcome could be associated not only with more efficient
design solotions, but also, with an increase of the margin of
safety against farlure, as will be shown in the case siudies that
forllow.

A more accurate indication of the size of the deviation of the
value of shear capacity established by experiment from tha
predicted by the methods adopted by current codes resulted from
a test programme concerned with an investigation of the
behaviour of simply-supported RC T-beams (designed o the
‘compressive-torce path’ (CFP) method descrnbed in detail in
Chapter 4) under two-point and four-point loading, symmetrical
with respect to the beam cross-section.’” As for the case of the
structural walls discussed in the preceding section, the full
experimenial data on the T-beams and their behaviour may be
found in the literature."® In what follows, only a concise
description of the experimental details is provided, the emphasis
focusing on the main results.

As indicated in Fig. 14, the beams had a ioial length of
32000mm with a 2600 mm span. The 300 mm long overhangs of
the beams had a rectangular cross-section, with a 290 mm height
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Fig, 1.4, Deails of the
T-beams designed to
the method described
in Chapier 4
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and a 200 mm width, while the remainder of the beams had a T-
section with the shape and dimensions indicated in Fig. 1.4. The
longitudinal reinforcement comprised two ribbed 20mm
diameter bars with a yield stress of 500 MPa and an ultimate
strength of 670 MPa. The shape and arrangement of the
transverse reinforcement is shown in Fig. 1.5. From this figure,
it can be seen that the transverse reinforcement comprised two
smooth & mm diameter bars for beam B and two 1.6 mm diameter
wires for beam C, with yvield stresses of 570 MPa and 360 MPa
respectively, The uniaxial cylinder compressive strength of
concrete was 32 MPa. Finally, the loading arrangement used
for the tests 1s shown schematically in Fig. 1.6

By usinﬁ the above design charactenstics, current design
methods' ' predict for both beams a flexural capacity of 72-8
kNm, while the shear capacity 15 74 kN for beam B under two-
point loading and 20-2 kN for beam C under four-point loading.
The value of the total external load comesponding to flexural
capacity 15 182 kN for the case of two-point loading and 208 kN
for the case of four-point loading. On the other hand, the values
of the total load corresponding to shear capacity are 148 kN and
404 kN for beams B and C, respectively. The smaller of the
values of the loads corresponding to flexural and shear capacities
for each beam represents the beam load-carrying capacity, i.e. the
load-carrying capacities of beams B and C are 148 kN and 40-4
kN respectively. In both cases, the values of load-carrying
capacity correspond to shear capacity.
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Fig. 1.3. Transverse Yet, the load-carrying capacity established by experiment was

ET{::F::IT‘:‘,;?;{I found to be significantly higher than that predicted for both load

1.4 for the cave of wo-  Cases. In fact, the measured values were found to exceed those

point (beams B} and corresponding to flexural capacity: for the case of beam B under

four-point (beams €] two-point loading, the load-carrying capacity was measured at

loading 192 kN, while for the case of beam C under four-point loading, it
was found to be 240 kN, with both beams exhibiting significant
ductility. The predictions for the values of load-carrving capacity
and for the modes of failure, together with their experimental
counterparts, are summarised in Table 1.1.
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From the table, it becomes apparent that, as for the case of the
structural walls presented in section 1.2, current design methods
are incapable of predicting not only the load-carrying capacity of
the beams considered in the present section, but also their mode
of faillure. Again, the causes for this inabihty appear to be
associated with the methods used to assess shear capacity, for
which the size of the deviation of the predicted values from their
measured counterparts appears to depend on the loading
arrangement. For the case of the two-point loading exerted on
beam B, the deviation is of the order of 30%:, while for the case of

L]
e

| 2600 .
| e ————— — _,T
Baams B
P P
L 700 1200 700 1
1 o
L
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B S
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| )
‘_ﬂﬂﬂ_* o 1_ - 2600 300 ¥
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Fip. 1.6, Schemaric vepresentation of eading arrangement ased for the beams in Fige 1.4 and 1.5

Table 11, Comparison between predicted and experimental altimate loads
amd failure modes for beams B and O

Beam Prediction Experiment
Load-carrying Mode of Lol -cammying Muode of
capacity: kN failure capacily: kN Tailure

B [48 brittbe 192 ductile

i di)-4 hrittle 240 ductile
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1.4. Structural
wall under
combined vertical
and horizontal
loading

the four-point loading exerted on beam C, the deviation reaches
500%. Deviations of the size of the latter value cannol be
considered as representing an uncommon case, since the bending-
moment and shear-force diagrams resulting from  four-point
loading are similar to those corresponding to uniformly
distnbuted loading, which 15 the commonest type ol loading in
practical design,

On the other hand, if one ignores the predictions for ‘shear’
failure, the predicted values of the load corresponding to flexural
capacity appear to deviate from the measured values by
approximately 15%. Although such values of the deviation do
not justify a radical reappraisal of the concepts underlying the
assessment of Mexural capacity, an inveshigation of the causes of
such deviations is necessary in order o improve the predictions
of flexural capacity.

In contrast with flexural capacity, the huge deviabion of the
measured value of the load-carrying capacity comresponding to
‘shear’ failure from its predicted counterpart is indicative of the
urgent need for a radical reappraisal of the methods currently
used for assessing shear capacity. Such a reappraisal should be
based on the investigation of the cawses dictating the observed
failure characteristics, with the aim of idenmtifving the strength
reserves of structural concrete, since, as for the case of the
structural wall considered in the preceding section, the
experimental results reported in the present section for the beams
indicate that the contribution of concrete to shear capacity is
significantly larger than that presently allowed for in design. A
realistic assessment of this contnbution should be expected 1o
lead to a reduction in the amount of transverse reinforcement and,
hence, a more efficient design solution.

The deviations of the predicted from the expenimental values of
load-carrying capacity for the structural members discussed in
the preceding seciions give the impression that the methods
currently used in practical design underestimate load-carrying
capacity, and. hence, although potentially inefficient or
uneconomical, lead o conservative design solutions. In both of
the studies considered, the causes of the deviations were found to
be associated with the method emploved 1o assess shear capacity,
which appears to underestimate the contribution of concrete, thus
leading to predictions of load-carryving capacity considerably
smaller than the values established by experiment.

The expenimental information presented in this section was
extracted from reference 1.9 and refers to an RC structural wall
subjected to the combined action of vertical and horizontal
loading. As shown in Fig. 1.7, the structural wall had a rectangular
shape with a height of 1200 mm, a width of 1180 mm, and a
thickness of 10 mm. As for the structural walls in section 1.2, the
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wall was monohthically connected with an upper and a lower
beam, the lower beam being used tw clamp the wall w the
laboratory floor so as o form a fully-hxed connection, while the
combined acuon of the vertical and horizontal toads was exerted
as indicated schematically in Fig. 1.7.

The wall reinforcement comprised 8 mm diameter nbbed bars
wilh values of the yield stress and ulimate strength equal to 574
MPa and 764 MPa respectively. It was umformly distributed in
both the horizontal and vertical dimensions, the percentages of
vertical and honzontal remforcement being 1-05% and 1-03%
respectively (see Fg. 1.7). The umaxial cylinder compressive
strength of the concrete used was 35 MPa.

By using the above design charactenistics, the value of flexural
capacily in the presence of an axial compressive force V=262 kN,
as predicted by the method adopted by the European code of
practice (Greek version''), was found to be approximately 570
kNm, the shear capacity (in compliance with the same code) being
Ta3 kN, The external honzontal load, which, when exerted
concurrently with a vertical load of 262 kN (see Fig. 1.7), causes a
bending moment at the wall base equal o the flexural capacity,
may casily be calculated 1o be egual o 430 kN, If flexural failure
could be prevented at the wall base, then the above external
horizontal load would increase to a value of 753 kN, which would
then cause ‘shear” Failure. Hence, the methods adopled by current
codes of practice predict Hlexural Fallure when the honzontal load,
combined with a vertical load of 262 kN, attains a value of 430 kN
(in Fig. 1.3, the latter valve 15 indicated by the dashed horizontal
line (assuming elastoplastie steel behaviour, but the value increases
o 4600 kKN if strain hardening is allowed for) while the analytical
curve refers to formal fimite-element (FE) m-m.h:lliug' ",

Figure 1.9 demets the crack pattern of the wall just after
failure, From this crack pattern, it becomes apparent that, with
the exception of one flexural crack which formed at the wall
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base, the cracks are inclined. Moreover, the extension of the
single flexural crack was interrupted by one of the diagonal
cracks which penetrated deeply into the compressive zone and
ledd to total disroption of concrete at the lower lefi-hand corner of
the wall. Therefore, in contrast with the code prediction for
flexural capacity, the failure mode of the wall has all the
characteristics of a *shear’ type of failuere.

It should be noted that the value of the horizontal load causing
Failure does not exceed 392 kN (see Fig. 1.8), as compared with
the wvalue of 753 kKN which is the predicted value of shear
capacity. The deviation of the prediction from the experimental
value is of the order 100%, and, in contrast with the structural
members discussed in the preceding sections, this indicates an
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1.5. Column with
additional
reinforcement
against seismic
action

1.5.1. Design
derails

unsafe design solution since the predicted value is significantly
larger than s experimental counterpart. Moreover, it was
surprising to note that, while in the preceding cases the current
design methods appeared (o underestimate the strength reserves
of structural concrete in shear, in the present case, not only are
such reserves non-existent but the contribution of the rein-
forcement 15 also considerably lower than that expected.

The causes of the above deviation cannot be explained on the
basis of the concepts which underlie current design methods.
Their investigation will form the subject of the next chapter.

The column considered in this section is one of the structural
members used (o investigate the validiy of the earthquake-
resistant design clauses of the Greek version of the European
code of practice for structural-concrete design.''' The
earthquake-resistant design clauses recommend additional
transverse reinforcement within specific portions of beam-like
clements referred to as “cntical lengths'. A characteristic
difference between the present column and the structural
elements which formed the subject of the preceding sections lies
in the loading arrangement which, in the present case, was
developed so0 as o introdoce a point of contraflexure within the
column length. Such a loading arrangement was considered to be
more representative of the loading conditions developing in real
frame-like structures where the formation of points of
contraflexure 15 mevitable.

The experimental set-up employed for the introduction of a point
of contraflexure within the column length is depicted in Fig.
1.10.""" The column has a free height of 1000mm and an
orthogonal cross-section 230mm = [00mm. The column ends
are encased in two reinforced-concrete prisms with a cross-
section 400 mm = 100 mm (the latter dimension coinciding with,
and aligned in, the smaller column dimension) and a height of
200 mm. The lower prism was used for clamping the column to
the laboratory floor in a manner that simulated fixed-end
boundary conditions at the column base. In contrast, the upper
prism was clamped to a very stff inverse U-shaped steel frame
through which the horizonial load was exerted in the direction of
the larger dimension of the column cross-section. The exerting of
the horizontal load through the steel frame resulted in a
combination of horizontal force and bending moment at the
column upper end which, in turn, led 1o the formation of a point
of contraflexure at a distance of 600 mm from the column base.

The reinforcement details are depicted in Fig. 1.10. The
vertical reinforcement comprised four |4 mm diameter nibbed
steel bars arranged symmetrically about the longitudinal axis at
the four corners of the colamn; the stress—strain curves describing
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the characteristics of the steel bars are shown in Fig. 1.11. The
transverse reinforcement comprised 8mm diameter smooth
stirrups; the mechanical characteristics described by the stress-
strain curve are also shown in Fig. 1.11. In accordance with the
earthquake-resistant design clauses of the Greek version of the



14 ULTIMATE LIMIT-STATE DESIGN OF CONCRETE STRUCTURES

1000
f, = 870 Nimm?
a0 =
dia. 14

B0~
E
5 f, = 480 Mmm#
® m '_/E/

200

i 1 | . | A 1 1
0 002 004 - 0-08 140 12 014

Fig. .11, Stress—strain
curves of the
reinforcement used for
colwmn in Fig. 110
angd beam in Fig, §.13

1.5.2. Experimental
behaviour

Ey

Furopean code,'”” within the ‘critical lengths' which extend 1o a
distance equal to 230 mm from the column ends, the stirrups were
arranged with a spacing significantly denser than the value of 110
mm required to safeguard against ‘shear’ failure. The stirrup-
spacing within these lengths was 33 mm, while in the remainder
of the column it was |10 mm. The umaxial cylinder compressive
strength of the concrete used for the columns was 30 MPa.

By using the design details shown in Figs 1.10 and 1.11 and
assuming all safety factors to be equal to 1, current codes
predict a flexural capacity of the column cross-section of 33-4]
kNm. Moreover, equating the external load to the internal
actions at the column base yields a value of 5568 kN for the
external load causing flexural failure. (This load is equivalent o
the combined action of a horizontal load of 55-68 kN and a
bending moment of 22-27 kNm at the upper end of the column
(see Fig. 1.12(a).)

The bending-moment and shear-force diagrams at the ultimate
limit state in flexure are shown (by the full lines) in Fig. 1.12(b),
with the former showing the point of inflexion at 600 mm from
the column base. The shear-force diagram also includes the
values of shear capacity at the ‘critical lengths” of the column
with the denser stirrup spacing (i.e. V,= 190 kN, which is more
than three times larger than the value of the shear force at flexural
failure). From the above internal-force diagrams, it becomes
apparent that the value of the external load required to cause
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‘shear” failure is significantly larger than that causing flexural
failure. Hence, in accordance with current design methods, the
column load-carrying capacity is that corresponding to flexural
capacity and it has a value of applied horizontal force eqgual 1o
55-68 kM.

Figure 1.12(b} also depicts the bending-moment and shear-
torce dhagrams comesponding to the valve of load-carrving
capacity established by expenment. The latter value of honzontal
force is 51-5 kN against the predicted value of 55-68 kN, i.c. the
design prediction overestimates the true column load-carrying
capacity by approximately 7%.

Much more worrying, however, it should be noted that, while
the prediction refers to flexural failure, the column failed in
“shear,” in contrast with the code prediction for a shear capacity
corresponding to a load significantly larger than that causing
flexural failure. It should also be noted that ‘shear” failure
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1.5.3. Causes of
failure

occurred within the lower ‘critical length® of the column which
was designed to the earthquake-resistant design clauses of the
code'’ s0 as o have a shear capacity larger than that of the
remainder of the column. In fact, as indicated in Fig. 1.12(b}, the
deviation of the value of 190 kN, predicted as shear capacity of
the “critical length,” from the value of 51-5 kN, estabhished by
expeniment, 15 of the order of 2605, 1.e. it 15 approximately three
times larger than the deviation (both in magnitude and in the lack
of safety) established for the case of the structural walls discossed
in the preceding section.

The above deviation of the predicted from the experimentally
established valves is indicative of the inadequacy of the concepts
which underhe the earthguake-resistant structural-concrete
design clauses of curremt codes of practice. As discussed
previously, the above clauses specify additional transverse
reinforcement in ‘critical lengths” of structural-concrete
members, in excess of that required to safeguard against “shear’
failure; the purpose of such additional reinforcement is not only
to increase the margin of safety against ‘shear” failure, but also o
ensure ductility. Yet, the expenimental information presented in
this section demonstrates clearly that the increase in transverse
reinforcement does not achieve either of the above two mms (i.e.
improved strength and ductility) of structural design; in fact, it
appears to cause a brittle, rather than the predicted duoctile, mode
of failure.

In contrast with the case of the structural wall of Fig. 1.7, for
which there is not sufficient published information to allow the
investigation of the causes of premature failure, an attempt to
identily the causes of brttle falure for the case of the column
presently studied may be based on the concepts which are
currently wsed to describe structural-concrete behaviour. In
accordance with such concepts, a beam-like RC structural member
with both longiiudinal and transverse reinforcement (such as, for
example, the column considered in the present section), afier the
formation of inclined cracking, functions as a truss wiith the
transverse reinforcement (stirups) and cracked concrete in the
tensile zone forming transverse ties and inclined struts, while the
compressive zone and the longitudinal reinforcement form the
compression and tension chords respectively.

For the column shown in Fig. 110, Jusi before failure, the
width of inclined cracking, which formed at the base of this
structural member, was found o be approximately 2 mm. As such
a crack width is significantly larger than that considered to allow
—- through ‘aggregate interlock’ — the transfer of forces across
the crack surfaces,” ' the inclined struts of the truss can form
only within concrete between consecunve inclined or [lexural
cracks.
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The strength of the struts restricts the load-carrying capacity of
the truss to a value which is given by the expression
Viggr = U-5f.bed/ pp, where f_ is the uniaxial cylinder compressive
strength, & and o are the web-width and depth, respectively, of
the cross-section, and g is the safety factor usually taken equal to
2. As the strict quality control enforced in the testing of the
columns justifies the use of u=1, substituting £, & and d with
their values into the above formula yielded Vg = 190 kN.

An assessment of the forces sustained by the stirrups requires
the following: (a) the number of strrups intersecting an inclined
crack at the column base; (b) the width of the crack. In the
present case, the 2mm wide inchned crack at the column base
intersected three stirmups.''' As the length of the stirrup was
200mm, the 2mm crack width induces in the reinforcement a
tensile strain of £ =220 =001 which, as indicated by the 7 - =
curve of Fig. 1.1}, corresponds 1o a siress o, =370 MPa. Hence,
the tensile force sustained by the stirmups is Vo= 111-5 kN,

Figure 1.13 shows the internal transverse forces developing at
a cross-section at the column base including an inclined crack,
together with the shear force corresponding to this cross-section.
Equating internal to external actions yielded the shear force
induced in the concrete (just before column failure), since the
tensile force sustained by the stirrups was already assessed as
discussed previously, and the shear force corresponding to failure
was experimentally determined. From the figure, it can be seen
that the size of the tensile force sustained by the stirrups is such
(1.e. so large) that s actnon is resisted by the shear force
sustained by concrete instead of the converse being true, Le. the
stirrup taking up some of the shear force (as originally intended).
It is also interesting to note that, as the crack width is
significantly larger than that allowing the development of
‘aggregate interlock’, the shear force sustained by concrete 1s

{

} — 111'5kN

&) Iniemal

A B kM

. 515 ki i) Exberrasl
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L.6. Simply-
supported beams
with one
overhang

1.6.1. Design
details

sustained essentially by the compressive zone alone. In fact, the
size of the shear force acting within the compressive zone is such
that, in accordance with current design concepts, it can only
cause “shear’ failure of this zone which, in twm, leads inevitably
to collapse of the column.

It would appear from the above that the tensile straining of the
stirrnps is not always due to the portion of the shear force which,
in accordance with the concepts underlying current codes, is
resisted by the stirrups. It would seem that there are cases, such as
the case of the present column, for which the shear force is not
necessanly related to the tensile stress developing within the
stirrups. As a result, a unigue relationship between shear force
and stirrup straining cannot always yield realistic predictions of
shear resistance.

It is wswally accepted that, when contrasiing theoretical
predictions, valid experimental information — even when
stermming from just one test — is sufficient to invalidate a
theory, with the term ‘valid’ refermng to the requirement for
reliable measurements under defmable boundary conditions
throughout the test. However, such a requirement is unlikely
ever to be fulfilled owing to the secondary testing-procedure
effects that are unavoidable in the testing of structural concrete
elements, particularly as regards the boundary conditions
imposed, which invariably deviate from those intended, with
the valid information being that comesponding to the smallest
possible deviation from the idealized conditons. As it could be
argued that, for the columns discussed in the preceding section,
the conflict between the behaviour established by experiment and
that predicted by current design concepts may pnmarily reflect
secondary testing-procedure effects, it was considered essential
1o investigate the validity of the column results by using a
completely different experimental set-up for testing another
structural-concrete element. The structural element used for the
investigation was a simply-supported beam with an overhang
tested by means of the experimental set-up shown in Fig. 1.14.

Figure 1.15 shows that the beam had cross-sectional characteristics
similar to those of the column discussed in the preceding section n
respect of the dimensions, the wype and arrangement of the
longitudinal reinforcement, and the type of transverse reinforce-
ment. The transverse reinforcement within the portion of the beam
between the supports was arranged in compliance with current code
provisions for shear design, while within the overhang the stirrup
spacing was that F.chiﬁed by the earthquake-resistant design
clauses of the code.” The material characteristics for both con-
crete and steel were those for the colomn in the preceding section.
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1.6.2. Experimental
behaviour

As indicated by the experimental set-up in Fig. 1.14, the beam
was subjected to the combined action of two point loads: P (at
the middle of the beam portion between the supporis), and P, (at
a distance of 100mm from the overhang end). The two loads
were combined so as to yield two types of loading regime: (a) a
proportional loading with Py =3F;; (b} a sequential loading in
which P, was increased to a value of 70 kN, remaining constant
at this value thereafter, while P2 increased monotonically up to
the failure of the beam. A schematic representation of the above
loading regimes is included in Fig. 1.14.

The main results obtained from the two test types are depicted in
Figs 1.16 and 1.17 which show: (a) a schematic representation of
the beam mode of failure; (b} the bending-moment and shear-
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force diagrams which correspond to both the predicted and
experimentally established values of the load-carrying capacity;
{c) a typical load—deflection curve established by experiment (as
at least two tests were carmied out for each load case). The
predicted values of bending moment and shear force are indicated
in parentheses, while the shear-force diagrams also include the
predicted values of shear capacity at all the portions of the beam
defined by the relevant stirrup spacing.

From the bending-moment and shear-force diagrams, it is
apparent that the predicted value of the load-carrying capacity
corresponding to flexural capacity is considerably smaller than
the predicted load-carrying capacity corresponding to shear
capacity. Hence, the predicted load-carrying capacity of the
beam is (for both the cases of proportional and sequential
loading) that corresponding to flexural capacity. Yet. for both



PREDICTION VALIDINTY APPRAISAL OF CURRENT DESIGN METHODS 21

Fig. 1146,
Expevimental results
Jor the beam in Fig.
I.15 under
propartional
loading:""!

{al} schemalic
representation of mode
oo fndfure; () bending-
micwmenl ived shedrs
Sforrce diggrams
corresponding fo e
exprerimentallv
estdlished load-
COFTVINg Capariry
{cowtinmous line ) and
Fexural capacity
(ofashed lime ) (e
sheasforee diggram
imelndes the shear
capaciies of the
rriey D
partions); (o) o=
deflection curve

P, =63 kN F,=31 kN
1100-23 kN) 3341 kN
o L
a?
{a)
{1335 kNem)
12:4%Nm
31 kNm
N BMD
{33-41 kMm)
WTE (41 TNy
T A kN (3341 kN
hmm e
= 59-38 kM
V= S8-35K ¥, = 190 kN
¥, = T5-58 kN
e -+ SFD
5425 kN {58-4T kN}
i
— QW _
100 -
B kM
=z
T s
a,
i) L | 1 1
o4 B 12 14
4, mm
=l



[ £}
L

ULTIMATE LIMIT-STATE DESIGN OF CONCRETE STRUCTURES

Fig. 1.17.
Experinrental results
foor the beam in Fig.
LY wnder sequential
pading:""'

fia) schematic
represeniaitons off mude
aof failure; (B} bending-
rracernentd oo shear
foarce diayroams
COFFESPNAIng o the
experimentally
established load-
CAFFViig capariy
{eontinucuy line) and
Fexural capacity
{dashed line) {the
shear-force diaggram
iiciudes the shear
capacities of the
verrioas faram
portions); o) Toad
deflection curve

JF‘,-J‘DHH Fy=60kN
= x‘//'/
N R
g —
%
{a}
{3347 kM)
i""‘
_,.I"Il %
P 5
~ _':T—L"-I'-Ii:rin
LY

BMD
J!
r
e &
% {103 i)
16 kM
E3-53 kM)

P =

| I

|

| Pl

E':,'EN (1412 KM
W, m 150 N
V, = 5@-35 kN
I"Ilu =T858 kN SFTI
N -
S0 kN 556 kM)
ik
160 =
(EI-53 KN
& M

Py kM
&
I

I

I

|

1 1 | | ]
4 4 o 4 & 12 14
.2 T

=k

(B3-53 kM)



PREDICTION VALIDITY APPRAISAL OF CURRENT DESIGN METHODS 23

1.6.3. Causes of
Jailure

loading regimes, the beam failed before the flexural capacity
was exhausted.

For the case of proportional loading (see Fig. 1.16), failure
appears to be associated with the occurrence of severe inclined
cracking of the overhang in the region of the support. [t is
interesting to note that, at failure, both the bending moment and
the shear force in the region of the support close to the overhang
were equal to approximately 3% of their predicted maximum
values. In fact, in accordance with current design concepts, the
overhang was the least likely portion of the beam to exhaust its
shear capacity, since it not only had the highest shear capacity,
but also 1t was subjected to the smaller shear force.

For the case of sequential loading (see Fig. 1.17), failure
occurs within the portion of the beam between the supports
within the region closest to the overhang. This region suffered
multiple mclined cracking which extended both towards the
upper face, in the region of the point load, and towards the
support, In contrast with the proportional-loading regime, thas
region of the beam was the most critical to exhaust its shear
capacity, although the applied shear force was significantly
smaller than the shear capacity.

As for the case of the column i Fig. 110, the causes of
premature (in accordance with current design concepls) “shear’
failure appear to be associated with the width of the inclined
cracks which, just before failure occurs, was measured as a little
larger than 2 mm. From Fig. 1.16, it becomes apparent that (for
the beam subjected to proportional loading) at least three stirrups
{with a 200 mm leg length) are intersected by one inclined crack.
Hence, the stirrup legs undergo a relabve extension ==2/
206 = ({1 which, as indicated by the & — = curve for dia. 8 bars
in Fig. 1.11, comresponds to a stress o, =370 MPa. As a result, the
shear force sustained by the stirrups is V, = 3(278%4)370=111-5
KN< Vggs= 190 KN (for the calculation of the laner, see section
1.5.3).

It would appear, therefore, that beam failure is due to failure of
the compressive zone under the action ol the large shear force
required to maintain the balance between internal and external
transverse actions at the cross-section including the 2 mm wide
inclined crack (see Fig. 1.18). As for the case of the column (see
Fig. 1.13), the compressive zone resists the action of the tensile
force sustained by the stirrups rather than the action of the
applied shear force. The magnitude of this tensile force is such
that it leads inevitably to failure of the compressive zone, thus
leading to collapse of the beam.

For the case of sequential loading, although the wide inclined
cracks formed in a different region of the beam (see Fig. 1.17),
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the mode of failure of the member appears o remain the same,
1.e. the large width of inclined cracking is the underlying cause of
failure. It should be noted, however, that the present description
of the causes of [allure such as the above 1s based on the concepts
which underlie current design methods: therefore, the
unexpectedness of the resulting conclusions soggests that a
reappraisal of these concepts may lead to a more realistic
description of the canses of failure, and, also, contnbute o either
the improvement of current methods or the development of new
methods for practical structural design.

The Kobe earthquake has been one of the most destructive
carthquakes that has ever stncken a populated area. Among the
large number of structures devastated by this earthquake, many
have been RC structures. The main cause of structural collapse
has been the unexpectedly large seismic acceleration which was
significantly karger than that used for the earthquake-resistant
design of the structures.”' Such an unexpectedly large
acceleration caused the development of actions which exhausted
all margins of safety allowed for by the design process used;
hence, structural collapse was inevitable,

Many of the structures which collapsed dunng the earthquake
were designed in compliance with the “permissible stress’
concept, This concept considers the state of a structure under
service loading conditions, and completely 1gnores the uitimate
limit-state characteristics of the structure. As a result, the design
method employed was incapable of secuning ductile — and,
hence, was incapable of safeguarding against brittle — types of
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failure. In fact, the carthquake action caused a wide range of
modes of famlure (including flexural, shear, and member-
connection failures), which occurred in a manner ranging from
brittle to ductile.

From the available data in the literature on the design details
and behaviour of particular structures in Kobe during the 1995
earthquake, only a tentative evaluation of the ability of current
design concepts to predict structural behaviour may be attempted.
Such an attempt may be made by reference to the Higashi—Nada
motorway fly-over which collapsed by overtuming sideways as
shown in Fig. 1.19.""™ The figure indicates that collapse was
caused by failure of the piers which, in all but one case, appear to
have suffered a ductile flexural mode of failure.

An assessment of the flexural and shear capacities of the piers
may be carried out by using the design details indicated in Fig.
120" The piers, with a circolar (3100 mm) diameter cross-
section and an average height of 11 m, were reinforced in the
lomgitudinal direction with 35 mm diameter bars arranged along
the perimeters of two concentric circles, close to the outer
perimeter of the pier, each perimeter being formed by 60 equally-
spaced bars. (Not all the bars are shown in the cross-sectional
view In Fig. 1.20 which, thus, gives only a schematic description
of the main reinforcement.) The transverse reinlorcement
consisted of (two) 16 mm diameter bars forming circular stirrups,
with 200 mm spacing, encompassing the {(two) rows of
longitudinal reinforcement. The lower (2500 mm high) portion
of the piers had an additional (third) arrangement of longitudinal
reinforcement, similar to the two described above, with circular
stirrups also encompassing this additional row of longitudinal
bars. The yield stress of all types of reinforcement was f, =400
MPa, while the wvniaxial cylinder compressive strength of
concrete was =35 MPa.

Using the above design details, corrent design methods yield
values of the flexural capacities of the sections with the two and
three rows of longitudinal reinforcement equal to 65 MNm and
93 MNm respectively, the most cntical section being that at a
distance of 250 mm from the pier’s fixed end. lgnoring, for the
moment, the possibility of types of failure other than flexural, the
piers should fail in flexure when the transverse load acting at the
top end attains a value of 7-65 MN,

For the case of monotonic loading — where both concrete and
transverse reinforcement are considered o contnbute 1o shear
capacity — current design methods vield a valoe of shear
capacity equal to 12 MN, which is significantly larger than the
value of the shear force corresponding to flexural capacity. As a
result, under monotonic loading conditions, the piers should fail
in flexure before the shear capacity is attained. On the other hand,
for the case of load reversals such as those exerted on the piers
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under the earthquake action, current shear design methods (in the
absence of axial compressive load) ignore the contribution of
concrete; hence, the predicted value of shear capacity is 4-8 MN,
Le. it is merely 35% of the shear force corresponding to flexural
ciapacity. Therefore, the piers under cyclic loading conditions
{(including load reversals) should exhibit a “shear” type of failure
before their flexural capacity is attained.

Figure 1.19 indicates that, in all but only one case, the piers
under earthquake action failed in a flexural manner. It would
appear from the above, therefore, that, by adopting the reasoning
underlying current design methods, the conclusion should be
drawn that the piers collapsed under the monotonically increasing
load of the first cycle of the earthquake action.

However, the first few cycles of the earthquake action were
shown to be insufficient to cause failure of the piers.”"” In fact,
the ground acceleration exceeded the design value after a number
of loading cycles sufficiently large to justify the assumption of
current design methods for a negligible contribution of concrete
to shear capacity under load reversals. As discussed earlier, for a
negligible contribution of concrete, the calculated value of the
shear capacity is considerably reduced to a level significantly
smaller than the value of the shear force corresponding to flexural
capacity. As a result, the piers under earthquake action should
have faled in ‘shear,” rather than flexure. Yet, as Fig. 1.19
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1.8. Conclusions

shows, it was the flexural, rather than the shear capacity that was
first exhausted. Such behaviour is indicative of the inability of
current design methods o vield a realistic assessment of the shear
capacity; in fact, the code prediction underestimated the actual
value of shear capacity by a margin at least as large as the
predicied valve. Tt would appear, therefore, that the addiional
transverse reinforcement specified wn current codes to
compensate for the “assumed’ inability of concrete to contribute
o shear capacity would, in the present case, be unnecessary.

In all cases presented in this chapter (with the exception of the
first case study, namely the structural wall SWA), the deviations
of the predicied from the true (experimental) structural behaviour
were considerable with regard to both the mode of failure and the
load-carrying capacity. In most cases, fatlure was not the
predicted ductile behaviour but a brttle one; while in certain
cases, the predicted values of load-carrying capacity were found
gither to overestimate or o underestimate their experimental
counterparts by a large margin,

The above deviations were found to be due primarily to the
inability of current design concepts 1o vield realistic predictions of
shear capacity and, 1o a lesser extent, 1o the methods used to assess
flexural capacity. The magnitode of the deviations was found to be
50 large that it could only be attributed to the inadequacy of the
theoretical basis of current design methods. This inadequacy also
becomes apparent from the application of the earthquake-resistant
design provisions of current codes which, in spite of the larger
number and denser spacing of the stirrups specified in the ‘critical
lengths” of the structural members investigated, were found o
cause brittle failure, and not, as intended — and, indeed, predicted

to safeguard against W while, at the same tume, supposedly
improving the member’'s ductility.

There is an increasing body of evidence that points to this need
for improving the accuracy of certain code provisions, especially
those pertaining to the problem of “shear’ in structural concrete
members, For example, the potential lack of safety related to
punching failures (misleadingly still referred to usvally as
‘punching shear’) around column-slab zones was siressed in
reference 1.100in 1995 and, whatever the actual causes which led
lo the subsequent sudden collapse, on 21 March 1997, of part of
the Pipers Row car park in Wolverhampton {and the consequent
closure of many similar structures), the available photograph and
accompanying caption {“Midlands slab punches out warning’ e
are certainly not incompatible with this type of failure. Similarly,
the case of the 3180 million Sleipner offshore platiorm (totally
destroyed on 23 August 1991),"!" illustrates how codes may fail
to provide accurate predictions of collapse load andfor failure
maode (this particular case study will be discussed in Chapter 4).
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2. Reappraisal of current methods for
structural concrete design

2.1. Introduction

2.2, Current
design methods
2.2.1. Physical
maodel

It appears from the data presented in Chapter 1 that the excessive
deviations of the predictions of current design methods from the
expenmentally established behaviour of structural-concrete
beam-like members are due to the inadequacy of the theoretical
basis of the methods currently used for assessing the flexural and,
in particular, the shear capacities of such members. In this
chapter, the above methods are concisely described and the
results of research carried out to date by the authors on the
vahdity of the concepts underlying these methods are reviewed,
in an atternpt to wentify the fundamental causes which dictate the
observed behaviour of structural concrete.

In accordance with the simplified beam theory, the internal siate of
stress of a beam-like member {such as, for example, a simply-
supported beam, with a rectangular cross-section, under two-point
loading symmetnically arranged with respect o the mad cross-
section) may easily be estahlished by using the bending-moment
and shear-force diagrams as depicted in Fig. 2.1, The figure
indicates that the stale of stress (o, 7) at any point A of the beam
may be assessed from the expressions o = (M/El)y and 7 = VS&/
(b}, by using the values of the bending moment M and shear force
V at the cross-section including point A (where E is the modulus of
elasticity, [ is the second moment of area of the cross-section, ¥ 15
the distance of point A from the neutral axis, § is the moment of
the shaded area with respect to the neotral axis, and b is the width
of the cross-section at the level of point A). Expressing the state of
stress (o, 7), in the form of principal stresses (o, o3). and
assessing these principal stresses at a sufficiently large number of
points, leads to the construction of the principal-stress trajectories
depicted in Fig. 2.2, with the full and dashed curves representing
the trajectones of the compressive and tensile stresses respectively.

For the case of a plain-concrete beam, owing to the small
tensile strength of the material, the beam will crack in regions
where the value of the tensile stresses exceeds the matenal
strength. The cracks will form in the direction orthogonal to that
of the tensile stresses and, hence, they practically coincide with
the compressive stress trajectories.’ "~ ' The beam load-
carrying capacity may increase beyond the value dictated by the
tensile strength of concrete if steel bars are placed along the
tensile siress trajectories in a number sufficient to sustain the
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portion of the internal tensile actions that cannot be sustained by
concrete alone (see Fig. 2.3).

A reinforcement arrangement such as that shown in Fig. 2.3 1s,
of course, impractical. Instead, in practical design, use s made of
straight steel bars placed in both the longitudinal and the
transverse directions, as indicated in Fig. 2.4. The figure indicaies
that the longitudinal bars are placed as close as possible 1o the
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tensile face of the beam, and they are designed so as 1o sustain the
entire tensile force that develops as a result of the bending action,
In contrast with the longitudinal bars, the transverse bars are
distributed within the “shear spans’ of the beam, and they are
designed so as o sustain the portion (V) of the applied shear
force (V) in excess of that that can be sustained by concrete
alone (V.). With such a reinforcement arrangement the “shear
spans’ are considered to function as trusses after the formation of
mclined cracks: the compressive zone and the longitudinal bars
form the compression and tension chords of the trusses
respectively, while the transverse bars form the ries, and the
cracked concrete within the tensile zone — through the
‘aggregate interlock” that develops at the inclined crack surfaces
— allows the formation of inclined srrues. (The fruss concept is
discussed in more detail in section 2,2.3.)

The physical model of Fig. 2.4, which 1s a combination of
Pearn (within the ‘flexure span’) and rruss (within the “shear

\
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Fig, 2.4, Practical reinforcement arrangement of @ concrete beam
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2.2.2. Beam action

spans’), underlies the methods currently used for structural-
concrete design. The model was employed initially within the
context of the permissible-siress philosophy which assumes
linear-elastic behaviour, while the design methods were later
maodified so as to enable their use for the case of ron-linear
behaviour which characterises both the maiterials and the
structure at their witimate-limit state. The model essentially
functions as a beam before the occurrence of inclined cracking:
however, it is progressively transformed inlo a fuss in the
regions of inclined cracking, while the middle portion of the
beam continues to behave as a beam.

Figure 2.5 depicts a cracked simply-supported reinforced-
concrete (RC) beam under the action of wransverse uniformly
distributed load (g}, together wath the bending-moment (M) and
shear-force (V) diagrams. In the figure, the shaded portion
between consecutive flexural cracks in the middle region of the
beam will be considered. For the equilibrium of the shaded
portion, beam action requires the change (AM) in bending
moment to balance the action of the couple of shear forces (V),
and, concurrently, the change (AV) in shear force to balance the
external load giAx (see Fig. 2.5{a)). Figure 2.5(¢) also shows a
schematic representation of the internal actions {which develop in
concrete and steel), so as to satisfy the equilibrium conditions of
the shaded portion. It should also be noted that, in the zone of this
portion, the shear force is significantly lower than that required to
canse ‘shear” falure and, hence. the beam requires only a
nominal amount of stirmups in this zone of the beam.

The extension of the simplified beam theory for the case of
non-linear behaviour — which charactenises not only concrete
and steel, but also beam behaviour at the ultimate limit state — is
based on the following assumptions.*”

{a) Plane cross-sections remain plane during bending
{Bernoulli assumption),

(b} Concrete behaviour in the compressive zone is adequately
described by an umiaxial axial stress-axial strain curve.
This curve together with assumption (aj define fully the
siress distribution in the compressive zone (see Fig. 2.5(c)).

{e) The tensile strength of concrete is ignored.

{d} The behaviour of the steel bars 15 described by the stress—
strain curves for steel in compression or tension.

{e) Failure occurs when the strain of concrete at the extreme
compressive fibre attains a critical valoe =, usoally taken
to be equal to 0-0035.

(f) There is full bond between concrete and steel.

Assumptions fa) and (f) satsfy the compatibility conditions,
while assumptions (k) to (e} define material behaviour. The
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2.2.3. Truss action

application of the above assamptions to the equilibrium
conditions vields analytical relations which express the internal
actions as functions of the cross-sectional geometric (b, d, A, ) and
material charactenstics (f, f,). A concise presentation of these
relations, together with a schematic representanon of the
geomeltric characteristics and the external and internal actions
they correlate, is provided in Fig. 2.6. When designing a beam in
flexure (within the context of the [imit-state philosophy), this
involves the assessment of the geometric characteristics so that
the expressions of Fig, 2.6 are satisfied.

As mentioned in section 2.2.1, after the formation of inclined
cracks, the presence of transverse reinforcement is considered to
transform the beam into a trusy, with this reinforcement
essentially forming the transverse ties of the truss.”" The opening
of the inclined cracks caoses an elongation of the transverse
reinforcement, and, hence, induces in it an internal tensile force.
Moreover, since transverse reinforcement is anchored in regions
close to the upper and lower faces of the beam, the above tensile
force i1s transferred to the entire beam web, causing (1n accordance
with the statical requirements of the trusy anafogy) the Tormation
of diagonal struts through cracked concrete, the latter constituting
the largest portion of the beam web, as depicted in Fig. 2.4,
However, for cracked concrete to allow the formation of diagonal
strists, it must be feasible for a compressive force o be transferred
across the surfaces of inclined cracks. Such a transfer is
considered to be effected through the interlocking of the
ageregates at the surfaces of inclined cracks; aggregate interlock
resists the shear displacement of these surfaces, which s also
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resisted by dowel action, i.e. the shear stuffness of the longiudinal
reinforcement which crosses the inclined cracks close to the
tensile face of the beam. The truss is considered o be completed
by the compressive zone and the longitudinal tensile
reinforcement which form, respectively, the compressive amd
tensile chords of the truss depicted in Fig. 2.4.

The application of the rruss analogy in practical structural-
concrete design is effected through the following assumptions.™

(a) “Shear” failure occurs when the shear force acting at a
critical cross-section attains a limiting value related 1o the
shear capacity of concrete. (For a beam with the same
cross-sectional charactenstics throughout its span, the
critfcal cross-section 15 the cross-section under the largest
shear force, ignoring the end portions of the beam
extending to a distance equal to the beam depth from
the supports. where the shear force is considered to be
directly transferred to the supports by arch action.)

{£) Of the shear foree acting at a critical cross-section (which
includes an inclined crack), a portion of it is sustained by
concrete, while the remainder is sustained by the
longitudinal and transverse reinforcement intersecting
the inclined crack. The shear capacity of the crtical
cross-section 15 attamed when both concrete and
transverse reinforcement attain their strength values in
shear and tension respectively, while a portion of shear
capacity is contributed by the longitudinal reinforcement
through dowel action,

{c) The shear capacity of concrete is due to the shear strength
of uncracked concrete in the compressive zone and the
contnbution of aggregate interlock which is effected by
the sheaning movement of the inclined crack surfaces. In
fact, aggregate interlock makes up the largest pant —
ranging from 40% to T0% — of the shear capacity of a
critical cross-section without transverse reinforcement,
with uncracked concrete and dowel action each making
(similar} contributions ranging from 13% to 30%.

(d) The compatibility conditions between the clongation of
the transverse reinforcement and the crack width are
ignored.

The above assumptions are used to evaluate two limiting values
forming lower (Vg ) and upper (Vi) imits to the shear capacity
of the truss, with the two himits corresponding to the tensile force
that can be sustained by the smaller number of transverse links
allowed (nominal transverse reinforcement) and the compressive
strength of the diagonal struts respectively. For a design shear force
Vig: smaller than Vyyp. the amount of nominal transverse
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2.3. Reappraisal
of the current
approach for
assessing Mexural
capacity

reinforcement specified should be capable of sustmning Vgy,. Fora
value of 1"'}“: such rthat l.,-'R.dI fi"llnd:‘: ll"rp_llj. il FﬂJITjUﬂ of Fw f:'[.ll.lﬂl
e Vg 15 considered to be sustaned by the cross-section without the
contribution of transverse reinforcement, while transverse
reinforcement is specified in an amount sufficient to sustain the
remaining portion of the shear force Voy=Vge — V. For
Vigar > Vigaa. the cross-sectional dimensions should be modified so
that the condition Vg < Vigas 15 satisfied. Transverse reinforcement
usually comprises two-legged stirmups with spacing 5 <0-7d {where
d 15 the cross-section depth). Assuming that the longitudinal
projection of the inclined crack has a length of 0:9d4, the total
stirrup cross-section required within this length for sustaining V.
15 easily obtained by A .=(s10-9d) (V,4ff, o) (where f,,. 15 the yield
stress of the stirrups). The assessment of A, forms the main
obhjective of the shear design procedore. Analvtical expressions that
may be used to assess Viggy, Viges, and V., may be found in current
codes such as, for example, references 1.6 and 1.7.

From among the assumptions presented in section 2.21.2,
assumptions (#) o {d), which describe the non-linear behaviour
of concrete and steel at the material level, provided the basis for
extending the use of the simplified elastic beam rtheory 1o the
description of the non-linear beam behaviour at the ultimate-limit
state, However, while the material model adopted for the
description of steel behaviour 15 widely considered o be
satisfactory, doubt has already been expressed regarding the
validity of the model adopied for describing concrete
behaviour. """ “"** The doubts expressed concern the validity,
on the one hand, of the experimental information used for
dr:f-;t'rihing the post-peak stress-sirain characteristics of
concrete, "5 A128 and, on the other hand, the use of wriaxial
stress—strain characteristics for the descniption of the deformational
response of an element of concrete in the compressive zone of a
beam-like structural member in {lexure as the ulumate load is
approached. " "™ In fact, it has been shown that the transverse
expansion of concrete as the peak of its stress—strain curved is
neared — which is completely ignored in current design — causes
the development of a complex triaxial stress field which essentially
dictates the failure mechanism of the structural member,''™*?

it would appear from the above, therefore, that there is a need
for a reappraisal of the material model used to describe the
behaviour of concrete in the compressive zone of a beam in
flexure. Such a reappraisal should include not only the o — =
relationships, but also the failure mechanism of beam-like
members; its aim should be to improve the theoretical basis of
structural concrete design so as to be compatible with concrele
behaviour as described by valid experimental information.
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2.3.1. Concrete
behavicour

Fig. 2.7. Experimental
IrEsI=-sIrain Curves
Jar concrefe in
wriLeial compression

2.3.1.1. Stress—sirain curves

The behaviour of concrete in uniaxial compression 15 described
by o — = curves such as those in Fig. 2.7, which depict the
relationships between compressive stress (o) and strains along
(£,), and transversely to {=,), the direction of . Figure 2.7 depicts
also the relationships between o and volumetric strain
(g, = £, + 25,) for concrete. A characteristic feature of the
carves of Fig. 2.7 1s that they comprise two branches: an
ascending branch and a descending one. It should be noted that
current methods for assessing flexural capacity make use of the
o —g, curve only (henceforth o —¢ for brevity) for the
calculation of the force sustained by the compressive zone.

It is well-known that the & —= curves describing the
behaviour of concrete in uniaxial compression are obtained from
tests on concrete specimens, such as, for example, cylinders or
prisms, loaded through steel platens. However, the difference in
the mechanical properties between concrete and steel inevitably
causes the development of frictional forces at the specimen/
platen interfaces. These forces resirain the lateral expansion of
concrete at the end zones of the specimen, and, hence, modify the
intended stress conditions in these zones.

Although ome of the main objectives of current testing
techniques is the elimination of the above frictional forces, this
objective has proved impossible to achieve to date.™® Figure 2.8
shows charactenstic o — £ curves established from tests on
cyhinders in uniaxial compression by using various Echni1m3 for
reducing friction at the specimen/platen interfaces.” '™ From
the figure, il can be seen that, in contrast with the ascending
branch, which is essentially independent of the technique used (o
reduce friction, the slope of the descending branch increases with
the efficiency of the fnction-reducing medium employed. In fact,
the merease n slope 15 such that it leads to the conclusion that, if
it were possible 1o eliminate friction entirely, the descending

Minimum-volume bavel
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branch would have a 9" slope, which is indicative of an
immediate and complete loss of load-carrying capacity as soon as
the peak stress is attained.

[t would appear from the above, therefore, that the descending
branch of a & — ¢ curve essentally describes the nleracton
between specimen and the loading platens and not, as widely
considered, specimen behaviour. Specimen behaviour 1s
described only by the ascending branch of an experimentally
established & — £ curve, and loss of load-carrving capacity occurs
in a brittle manner. A similar conclusion may be drawn from
experimental  information obtained in a recently completed
international co-operative project organised by RILEM TC-148
SSCF

It may be noted from the & — =, curve of Fig. 2.7 that, at peak
stress, =, (=0-002) deviates considerably from the value of the
axial strain at the extreme compressive fibre of a beam-like
member at its ultimate limit state in flexure, which is usually
larger than 0-0035.°" Such a deviation is indicative of the
imability of uniaxial stress—strain charactenstcs (o describe the
true behaviour of concrete in compression within a beam-like
member at i1is ultimate limit state in flexure. Clearly, the stress
conditions in the compressive zone are multiaxial, which
cxplains the higher strains attained in actual structural
components. The mechanism which leads to the development
of such a stress condition is discussed in section 2.3.1.3.

An important charactenstc of the behaviour of concrete in
compression (which 15 ignored by current design methods, as
implied earlier, when it was stressed that only the o — £, curve,
and not the 7 — =, chamctenistic, is considered in codes of
practice) is the transverse expansion of the material which, when
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a level close to the peak stress is attained, begins increasing faster
than the matenal shorteming in the direction of the applied
compression, in a manner that causes, after an initial continvous
consolidation ol the matenal up to this stress level, a considerable
volume dilation {(see Fig. 2.7). This rapid increase in transverse
expansion is also apparent in Fig. 2.9 which describes the
variation of Poisson’s ratio (7)) with increasing stress (7). (i is
defined as the ratio of the change in lateral strain (A=) 10 the
change in axial strain (Ae,)) The figure indicates that the
imitially constant value of & increases rapadly beyond a certain
value of =, and, at a stress level close to the peak stress, attains a
valoe of 0-5 which is the limiting value for a continuum. In fact,
the value of v at peak stress may even be larger than 1, which is
indicative of the discontinuous nature of concrete caused by the
cracking processes described in the following section.

2.3 1.2 Cracking

The main cause of the non-linear behaviour of concrete under
load is a microcracking process which this material undergoes
during loading." "™ *'"" It is generally accepted that the cause of
microcracking is the proliferation of flaws which exist within
concrete even prior to the applicaton of load. These flaws are
attributable to a number of causes, the main ones being:' '™

{a) discontinuities in the cement paste owing 1o its complex
morphology

(b} vouds caused by shnnkage or thermal movements as a
result of incompatibility between the properties of the
various phases present in concrete

(¢l discontinuities at the boundary between aggregate
particles and the paste or mortar caused by segregalion

{d) voids present in concrete due to incomplete compaction;
elc.
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These pre-existing {laws, which may be seen as a constituent of
concrete, are randomly distributed and onentated within the
material and exhibit a range of shapes and sizes.

The stress or sirain state applied to the boundary of an element
of a multiphase material such as concrete generates a stress/strain
field within the matenal, which 18 dependent on the distnbution
of the component phases (1.¢, aggregate particles and cement
paste matrix), and the size and distribution of the flaws. Local
strain concentrations, therefore, develop throughout the matenal
owing to the incompatible deformation of the constituent phases.
Such stressfstrain concentrations are funher intensibied to far
higher orders of magnitude because of the presence of flaws,
particularly those with high aspect ratios. These flaws are
considered to be the potential sources of any load-induced
cracking.’ 10,22

A review' '™ % of both theoretical considerations as well as
experimental investigations into the behaviour of a microcrack
within a stressed britile material has led to the conclusion that the
mechanism of the fracture process — which initiates in the region
of one of the above Maws in order to relieve the high tensile
stressfstrain concentrations developing near the flaw tips — is
that of crack extension due to initation of branches. This process
15 followed by stable propagation of these branches, as a result of
which the process eventually becomes unstable, leading o
ultimate collapse. Such crack extension and propagation were
found, expenmentally, to occur in the direction of the maximum
principal stress, with the plane of the propagating crack being
orthogonal 1o the direction of the mimimum principal stress
(considering compressive stresses as positive)."'" Moreover, a
propagating crack opens perpendicularly to the crack sorface and,
hence, cavses the formation of voids within the body of the
material. Owing to their orentation, such voids affect
predominantly the transverse deformation of a concentrically
compressed cylinder and lead 1o the non-linear behaviour
indicated in Figs 2.7 and 2.9 discussed in the preceding section,

For the case of a compressive loading, crack extension, in
spite of the voids that it causes, does not essentially alter the area
of the cross-section orthogonal to the applied load and, hence, it
does not affect the load-carrying capacity of this cross-section in
a direct manner (see Fig. 2. 1{{a)). Instead, with the redistribution
of the internal stresses that it causes, it nol only reduces the
tensile stressfstrain concentrations existing near the crack tps,
but 1t also increases the energy absorption of the material through
the consumption of a portion of the work done by the applied
load for fuelling the crocking process. This cracking process
continues at the microscopic level of observation until the
volume of the material reaches its minimum value (see the & — =,
curve in Fig. 2.7). At this point, the capacity of the matenal for
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storing and dissipating energy s exhausted, while a number of
microcracks join o form macrocracks (visible cracks), which
cause significant volume formation leading to dilation, and
almost immediate failure of the material.

For the case of a tensile loading, crack extension reduces the
cross-sechional area orthogonal o the applied load and, hence,
reduces the load-carrying capacity of this cross-section (see Fig.
2.10b}}. As a result, crack extension cannot cause a
redistribution of the nternal stresses/strains since 1t tends 1o
increase, instead of reducing (as for the case of compressive
loading), the high tensile stress/strain concentrations and thus
leads inevitably to failure of the material. It appears, therefore,
that the reduction of the cross-sectional area normal to the
applied load is the cause underlying the small tensile strength of
concrete,

2.3.1.3. Effect of small transverse stresses on strength and
deformartion

The assumphion that uniaxial stress—sirain characlenstics are
capable of describing the behaviour of concrete in the
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compressive zone of a beam-like member in flexure implies that
the exisience of small stresses, acting in directions orthogonal to
the longitudinal axis of the member, have an insignificant effect
on the material behaviour, and, therefore, can be ignored. Such a
simplification, however, contrasts with experimental information
such as that shown in Fig. 2.11, which depicts a typical failure
envelope for concrete under axisymmetric stress conditions, '™ !
{It should be noted that the failure envelope of Fig. 2.11 describes
the combination of the principal stresses marking the occurrence
of macrocracking which, 1n contrast with the microcracking
process that occurs throughout the loading history and dictates the
non-linear constitutive behaviour of concrete, corresponds to the
loss of load-carrying capacity.) The figure shows that a small
confining stress of the order of 0-1f, (where f. is the uniaxial
cvlinder compressive strength of concrete) leads to an increase of
the compressive strength in the orthogonal direction by more than
0%, On the other hand, a small tensile stress of the order of
(-05f, appears to be sufficient to reduce the compressive strength
in the crthogonal direction by a similar amount.

In fact, the small compressive stresses which develop in the
transverse direction of a beam-like member in flexure has been
shown to be of the order of 0-1f 1029 g a result, their effect on
the strength of the compressive force is considerable and should
not be ignored (while, of course, this important effect 15 neglected
i current design philosophy ). Similarly, the effect of the above
small stresses on deformation should also not be ignored: they

5
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create a tnaxial stress state in the compressive zone which, as
indicated in Fig. 2.12, is capable of inducing in concrete an axial
strain significantly larger than 0-(035, which is the limiting value
of the stran of the extreme compressive fibre specified by most
current codes (and thas, only by invoking the dubious premise of
the descending branch).

Therefore, it would appear from the above that, by ignoring
the considerable effect of the small transverse stresses on strength
and deformabon of concrete in the compressive zone, current
methods were led (0 combine the use of uniaxial stress—strain
characteristics with strain-softening material properties in an
attempt to achieve a reahstic prediction of the axial strain of
concrete at the extreme fibre of the compressive zone. However,
the above approach has contributed not only to design guidelines
of dubious validity, but also to major confusion — and even
disorientalion — of research work concerned with the
investigation of the behaviour of concrete, at both the material
and structure levels. The prominence placed by such research on
the importance of the strain-softeming charactenstics obscures the
true underlying causes of the observed structural-concrete
behaviour.

2.3.2.1. A jundamenial explanation of failure initiation

based on triaxial material behavieur

The description of the salient characteristics of concrete at the
material level has been presented in the preceding sections in
sufficient detail to enable these properties to be implemented in a
method suitable for the design of structural-concrete beam-like
members. Before this is done, however, it is possible to anticipate
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the typical mode of failure initiation in such structures by means
of a simple reasoning based on two key features of concrete
malenals. These two fundamental charactenistics of concrete are
shown schematically in Figs 2.7 and 2.11, which summarise
much of the earlier discussion on material behaviour.

As is well known, concrete is weak in tension and strong in
compression. [ts primary purpose in an RC structural member is
o sustain compressive forces, while steel reinforcement is used
o cater for tensile actions and concrete provides protection to it
Thus, since the structural role of concrete is concerned primarily
with compressive stress states, the present discussion relates to its
strength and deformational response under such conditions. Now,
as described in section 2.3.1.1, information on the strength and
deformational properties of concrete is usually obtained by the
testing of cylinder or prism specimens under uniaxial com-
pression. Although a set of typical stress—strain curves stemming
from such tests has been discussed in the earlier part of this
chapter, it is useful to refer again to Fig. 2.7 which depicts, in a
genenc sense, the above set of curves. The figure serves as a
reminder that, in addition to the strain in the direction of the
loading (which usually constitutes the main — if not the sole —
ilem of interest in current design thinking), the umaxial test also

provides information on the strain perpendicular to this direction.
Furthermore, a typical plot of volometric-strain variation appears

in the figure. A characteristic feature of the curves in Fig. 2.7 is
that they compnse ascending and gradually descending branches.
However, despite the prominence given to the latter in design, it
was exploned in section 1.3.1.1 how experimental evidence
shows quite conclusively that, unlike the ascending branch, the
descending branch does not represent actual material behaviour:
rather, 1t merely describes secondary testing-procedure effects
due to the interaction between testing machine and specimen.
This is an important observation concerning the behaviour of
concrete at the material level as the lack of sirain-sofiening, i.e.
post-ultimate branch, provides justification for it 1o be referred to
as a brittle material. On the other hand, it turns out that
considerations of the behaviour of concrete at the structural level
make the actual post-ultimate response of the material irrelevant,
because, even if the latter were to exist, failure of concrete in a
structure occurs invariably prior to the attainment of its ultimate
compressive siress. The case for such a statement may be argued
along the following lines.

Perhaps the most significant feature of concrete behaviour is
the abrupt increase of the rate of lateral expansion a uniaxial test
specimen undergoes when the load exceeds a level close o, but
not beyond, the peak stress. Such a feature was already noted in
section 2.3.1.1, and the relevant stress level may be identified as
the minimum-volome level (see Fig. 2.7) which marks the
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beginning of a dramatic volume dilation that, in the absence of
any frictional restraint at the interface berween the ends of the
specimen and the steel platens, 15 considered to lead rapidly to
tatlure even if the load remains constant. This is why the siress at
which concrete begins to expand is associated with a process
governed essentially by void formation which, for all practical
purposes, may be equated 1o the falure load, as explained in
section 2.3.1.2. It is important to emphasise here that the rapid
expansion at the minimum-volome level, where the tensile strain
at right angles to the direction of maximum compressive stress
soon exceeds the magnitude of the compressive strain, 1s a
feature of both uniaxial and the more general triaxial compressive
hﬂhﬂviﬂur. I L2 0

The other key feature of concrete behaviour relates to the
major role played by even relatively small (secondary) stresses
when assessing the true bearing strength of the material. This was
Hlustrated and fully discussed in section 2.3.1.3 by reference to
Fig. 2.11, which indicates schematically the variation of the peak
axial compressive stress sustained by cylinders under various
levels of confining pressure. Such behaviour implies that the
presence of small secondary siresses developing within a
structural member in the region of the path along which
compressive forces are transmitted to the supports should have
a significant effect on the load-carrying capacity of the member:
compressive stresses should increase it considerably, whereas
temsile stresses should — dramatically — have the opposile
effect.

Even though the above two fundamental characteristics of
concrete at a material level are well known, they are rarely {if
ever) mentoned; more important sall from a design viewpoint,
their implications for the behaviour of concrete in a structure do
not appear yet to have been Tully appreciated in terms of failure
meéchanisms resulting from the interaction of concrete elements
in RC structures. In order to appreciate that such interactive
behaviour is unavoidable irrespective of the type of structure and/
or loading conditions, it is useful to recall that, owing to the
heterogeneéous nature of concrete, the stress conditions within a
concrete structure or member can never be uniform even under
uniform boundary conditions. As a result, even for the case of a
cylinder subjected to uniform uniaxial compression, the
development of tnaxial stress conditions is inevitable owing to
the setung up of secondary stresses that are essential for
maintaining compatibility of deformation within the structure
{see Fig. 2.13). Under service loading conditions, the secondary
stresses are neghgible and can be ignored for design purposes.
However, as the load increases, volume dilation occurs in a
localised region where the stress conditions are the first to reach
the minimum-volume level. Concrete dilation is restrained by the
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surrounding concrete, and this 1s equivalent to the application of
a vonfining pressure which, as Fig. 2.11 indicates, should
increase the strength of the dilating region. At the same time, the
dilating region induces tensile stresses in the adjacent
{restraining) concrete (as every action has its equal and opposite
reaction} and, on the basis of the mformation shown in Fag. 2.11,
these should reduce the strength of the concrete.

The preceding reasoning for the failure of a specimen under
nominally uniform stress conditions is even more evident in the
general case of arbitrary structural systems in which there is
always a localised region in compression where the mummum-
volume level is exceeded before it is exceeded in surrounding
regions {which are also in compression). As a result, the rate of
tensile strain will increase abruptly in thas region, thus inducing
tensile stresses in the adjacent concrete. Concurrently,
compatibility and equilibrium require that the surrounding
concrete should restrain the expansion of the localised region.
While this extra restriant further increases the strength of the
localised region, the tensile stresses evenivally turn the state of
stress in the surrounding concrete into a state of stress with at
least one of the principal stress components tensile, and thus they
reduce the strength in the latter zone. Therefore, 1 is always the
concrete surrounding the localised region of wholly compressive
stresses that fails first, since its state of stress now has at least one
tensile principal-siress component.

It appears, therefore, that, owing to the interaction of the
concrete elements within a structure, failure is unlikely to occur
in regions where the compressive stress is largest. Instead, failure
should occur in adjacent regions, where the compressive stresses
may be significantly smaller, owing to the presence of small
secondary tensile stresses developing as discussed above, Such a
failure mechanism indicates that concrete invariably fails in
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tension, and that a concrete stiructure collapses before the (usually
triaxial) ultimate strength of concrete in compression is exceeded
anywhere within the structure." ' This notion that the concrete in
the ‘crnitical’ zones of compression always fails by “splifting” —
never by ‘crushing’ — contrasts with widely-held views that
form the basis of current analysis and design methods for RC
structures. Accordingly, most design procedures have been
developed on the assumption that it is sufficient to rely almost
entirely on umaxial {compressive) stress—strain characteristics for
the description of concrete behaviour. Invariably this assumption
is justified by the fact that structoral members are usually
designed to carry stresses mainly in one particular direction, and
thut the stresses that develop in the orthogonal directions are
small enough to be assumed negligible for any practical purpose.
However, such reasoning underestimates the considerable effect
thit small stresses have on the load-carrying capacity and on the
deformational response of concrete beyond the in-service
condiions. The ignoring of these small stresses in design
necessarily means that their actual effect on structural behaviour
15 normally atiributed to other caunses that are expressed in the
form of — as it turms oul, erroneous — design assumptions. The
tollowing example will suffice o illustrate this. It is often pointed
out that the strains recorded in the compressive zone of heams
indicate that these are well in excess of that value corresponding
e the peak stress in a uniaxial cylinder or prism test. As a result,
the argument 15 put forward that strain softening must be present
since such large strains are observed only in the region of the
descending branch of the uniaxial test. However, the true
explanation lies in the fact that such regions are always subjected
L a state of traxial compression, and this means that, although
the peak stress has not been exceeded. the associated trmaxial
strains are much larger than their uniaxial-test counterparts
around the minimum-volume level (as already mentioned in
section 2.3.1.3 and illustrated i Fig. 2.12). Thus, for instance, an
axial strain of around ¥ mm/m marks practically the end of the
descending branch for a concrete of f, ~ 32 N/mm® in accordance
with an ordinary (i.e. uniaxial) cylinder test (Fig. 2.14(a)): when
subjected 10 a hydrostatic stress oy =24 N/mm®, the axial strain
for the same concrete prior to the attainment of the descending
branch is about three times this value, and becomes much higher
still with increasing confinement o (Fig. 2.14(h)).

2.3.2.2. Triaxiality and failure initiation by macrocracking:
some experimental and analviical evidence

The behaviour of structural concrete outlined in the preceding
section has been predicted by analysis™"™" ="' ="* and verified by
experiment.’ 2011 The inevitable triaxiality conditions in

zones wsually (misguidedly) deemed to be critical on account of
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large compressive action, and the associated failure initation by
tensile stresses adjacent o such zones has become evident
throughout the various problems tackled by means of finite-
element (FE) modelling in reference 1.10. Nevertheless, it is
instructive to devote the present section o a preliminary
illustration of the basic mechanism that governs the ultimate-
load conditions in a concrete member,

An RC beam designed in accordance with typical current
regulations based on the ultimate-strength philosophy will be
considered. The stress—strain characteristics of concrete in
compression are considered 1o be adequately described by the
deformational response of concrete specimens such as prisms or
cylinders under uniaxial compression; thus, the ensming stress
distribution in the compressive zone of a cross-section at the
ultimate limit state, as proposed, for example. by BS 8110, **"
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exhibits a shape similar to that shown in Fig. 2.15(a). The figure
indicates that the longitudinal stress increases with the distance
from the newtral axis up to a maximum value and then remains
constant. Such a shape of stress distribution has been arrived at
on the basis of both safety considerations {with built-in safety
factors) and the widely-held wview that the stress—strain
relationship of concrete in compression consists of both an
ascending and a gradually descending portion, as illustrated in
Fig. 2.15{b}. (In fact, the stress block in Fig. 2.15(a) 15 based on
the simphification that, beyond the peak stress, perfect plasticity
may be assumed up to a strain of 00035, however, aliernative
sitress blocks may also be used, either involving further
simplification such as full plasticity leading to a rectangular
stress block' or derived by allowing for strain softening between
peak stress and a strain of (040035 so that the shape of the stress
block is curved throughout.™'*) The portion beyond the ultimate
(Le. peak) stress in Fig. 2.15(h}) defines the post-ultumate stress
capacity of the matenal which, as indicated in Fig. 2.15(a). is
generally considered to make a major contmbution to the
maximum load-carrying capacity of the beam. It will be noticed
that the principal reasoning behind the stress block adopted for
design purposes 15 based on the large compressive strans (in

045 1.,

1

III.l
-| -5
5
T 3
.¢..
= Caniroid
Parabalic
™ . . . ' —
- [ ] L] =t

Crogs-gachon Brrains Erresses and roas
fa)
(v
1
 —
&
[
foan == ==
' [—
' i
H
|
|
|
|
I
|
. R
¥, = O-002 r
)



ULTIMATE LIMIT-STATE DESIGN OF CONCRETE STRUCTURES

excess of (+0035) measured on the top surface of an RC beam ai
s ulumate limat state, such strains being almost twice the value
of the compressive strain £, at the peak-stress level uwnder
uniaxial compression. (Typically, £, is of the order of (-2 —
sce Fig. 2.15(b).}

The above design procedure is not, however, bome out by
experimental evidence, which can be shown by reference 1o the
results obtained from a test series of three simply-supported
rectangular RC beams subjected to flexure under two-point
loading. ™ The details of a typical beam are shown in Fig. 2.16,
with the central portion under pure flexure constituting one-third of
the span. The tension reinforcement consisted of two 6 mm diam-
eter bars with a yield load of 11-8 kKN. The bars were hent back at
the ends of the beams so as to provide compression reinforcement
along the whole length of the shear spans. Compression and
tension reinforcement along each shear span were linked by seven
3-2mm diameter stirrups. Neither compression reinforcement nor
stirrups were provided in the central portion of the beams. Owing
to the above transverse reinforcement arrangement, all beams
failed in flexure rather than shear, although the shear span-to-
effective depth ratio was 3. The beams, together with control
specimens, were cured under damp hessian at 207 C for seven days
and then stored in the laboratory atmosphere (20 C and 40%
relative humidity) for about two months, until tested. The cube and
cylinder strengths at the time of testing were f,, =43-4 N/mm" and
f.=37-8 N/mm° respectively. Besides the load measurement, the
deformational response was recorded by using both 20 mm long
electrical resistance stramn gauges and linear-voltage displacement
transducers {LVDTs). The strain gauges were placed on the top
and side swrfaces of the beams m the longitudinal and the
transverse directions as shown in Fig. 2.17. The fhgure also
indicates the position of the LVDTs which were used to measure
deflection at mid-span and at the loaded cross-sections. Finally, the
stress—strain  characteristics in uniaxial compression for the
concrete used in the investigation are depicted in Fig. 2.18.
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In presenting the salient results of the test series of beams, it is
convenient to begin by showing the relationships between
longitudinal (i.e. along the beam axis) and transverse (1.¢. aCross
the beam width) strains, as measured on the top surface of the
girders. The relevant information is summarised in Figs 2.1%a)
and 2.19b) which refer to the strains recorded at the critical
sections (i.e. throughout the middle third of the beam span} and
within the shear spans respectively. Also plotted on these figures
i5 the relationship between longitudinal and transverse strains
derived on the basis of the uniaxial material characteristics of
Fig. 2.18. MNow, if the uniaxial-compression stress—strain
characteristics of Fig. 2.18 were 1o provide a realistic prediction
of concrete behaviour in the compressive zone of the beams
tested in flexure, then one would expect the relationships
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between longitudinal and transverse strains measured on the top
surface of the beams to be compatible with their counterparts
derived on the basis of the cylinder test; farthermore, longitudinal
macrocracks cught to appear on the top surface of the beams, as
indicated in Fig. 2.18, where typical crack parterns of axially-
compressed concrete cylinders around {B—C) and bevond (C-12)
ultimate strength are depicted schematically. It is apparent from
Fig. 2.19%a). however, that, for the region of cross-sections
including a primary flexural crack, only the portion of the
deformational relationship based on the uniaxial cylinder test up
to the minimum-volume level can provide a realistic description
of the beam’s behaviour. Beyond this minimum-volume level,
there is a dramatic deviation of the cylinder strains from the beam
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relationships. Not only does such behaviour support the view that
the post-peak branch of the deformational response of a cylinder
in compression does not describe material response bul, more
importantly for present purposes, it clearly proves thai, while
uniaxial stress—strain data may be useful prior to the attainment
of the peak stress, they are insufficient to describe the behaviour
once this maximum-stress level is approached. On the other hand,
while Fig. 2.19{a) demonstrates the striking incompatibility
between cylinder specimen and structural member bevond
compressive strains larger than about (002 (which, as noted
earlier, corresponds to £,, the strain at the £ {or {,) level — see
Figs 2.15 and 2.18), Fig. 2.1%b) shows that the relationships
between longitudinal and transverse strains measured on the top
surface within the shear span of the beams are adequately
described by the longitudinal strain-transverse strain relationship
of concrete under uniaxial compression, It should be noted,
however, that the relationships of Fig. 2.19%b) correspond to
stress levels well below ultimate strength.

An indication of the causes of behaviour described by the
relationships of Figs 2.1%a) and 2.19(b) may be seen by
reference 1o Fig. 2.20, which shows the change in shape of the
transverse deformation profile of the top surface of beam 1 (but
typical of all beams) with load increasing to failure. The
characteristic feature of these profiles is that, within the ‘critical’
central portion of the beam, they all exhibit large local tensile
strain concentrations which develop in the compressive regions
of the cross-sections where the primary flexural cracks, that
eventually cause collapse, occur. Although small strain
concentrations may develop in these regions at early load stages
before the occurrence of any visible cracking, they become large
only when the ultimate limit state is approached and visible
flexural cracks appear in the tension zones of the beams. Such a
large and sudden increase in transverse expansion near the
ultimate load is indicative of volume expansion and shows guite
clearly that, even in the absence of stirrups, a triaxial state of
stress can be developed in localised regions within the
compressive zone. The local transverse expansion is restrained
by comcrete in adjacent regions (as indicated by the resultant
compression forces F in Fig. 2.200), a restraint equivalent to a
confining pressure that will later be shown as being equivalent to
at least 1% of f_: hence, as Fig. 2.11 indicates, the compressive
region in the plane of a main flexural crack is afforded a
considerable increase in strength so that failure is not initiated
there. Concurrently, the expanding concrete induces tensile
stresses in adjacent regions (these are indicated by the resultant
tension forces F and F72 in Fig. 2.20), and this gives rise to a
compression/tension state of stress. Such a stress state reduces the
strength of concrete in the longitudinal direction, and collapse
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occurs as a result of horizontal splhitting of the compressive zone
in regions between primary  tlexural cracks, as illustrated
schematically in Fig. 2.21. Concrete crushing, which is widely
considered to be the cause of flexural failure, thus appears to be a
post-failure phenomenon that occurs in the compression zone of
cross-sechions contmmng a prmary flexural crack due o loss of
restraint previously provided by the adjacent concrete.

[t may be concluded from the above, therefore, that the large
compressive and tensile strains measured on the top surface of
the central portion of the beams should be attributed o0 a
mudriaxial rather than an uniaxial state of stress. A further
indication that these large strams cannot be due 10 post-ultimate
stress—strain characteristics is the lack of any visible longitudinal
cracking on the top surface for load levels even near the
maximum load-carrying capacity ol the beams. As shown in Fig.
221, such cracks characierise the post-ultimate strength
hehaviour of concrete under compressive states of stress, Visible
cracks oceur predominantly on planes parallel to the top surface
af the moment of final collapse. The typical view of the beam
once the collapse of a member has 1aken place is depicted in Fig.
2.21(b), where the pair of main flexural cracks observed
cormespond to the peak tensile strain concentrations recorded
experimentally in beam 1 (see Fig. 2.20).

It 15 nteresting to note that the results descnbed so far do not
contradhct  the wview expressed throughout this chapter that
concrete in compression suffers a complete and immediate loss
of Joad-carrying capacity when ultimate strength 15 exceeded.
The implication of the results of the beam tests 15 that, in the
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absence of a post-ultimate gradually falling branch of the stress—
strain relationships of concrete in compression, the large
compressive strains which characterise RC structures exhibiting
*ductile’ behaviour under increasing load (i.e. behaviour
characterised by load—deflexion relationships exhibiting trends
similar to those shown in Fig. 2.22 for the under-reinforced
members tested) are due to a complex multiaxial compressive
state of stress which exists in any real structure at s ultimate
himit state. Such stress states may be caused by secondary
restrants imposed on concrete by steel reinforcement, boundary
conditions, surrounding concrete, etc. The significance of these
restrainis is, in most cases, not understood or simply ignored. It
may thus be concluded that the wltimate strength of concrete in
localised regions exhibits significant vanations dependent on the
local multiaxial compressive state of stress within the
compressive zone of an RC structure or member. The higher
the multiaxial wlumate strength of concrete at a critical cross-
section, the larger the comresponding compressive and tensile
strains. The ‘ductility” of the structure, therefore, seems to be
dependent on the true (i.e. triaxial) ultimate strength of concrete
at eritical cross-sections rather than on stress redistnbutions due
to post-ultimate matenal stress=strain charactenstes, even if the
lamer were assumed 10 exist.

The state of compressive triaxial stresses compatible with the
deformations and strains measured in the beams tested remains to
be explored. In addition to the main longitudinal (7)) and the
secondary transverse (o) stresses, another set of secondary
actions also exists, namely the radial stresses (o} acting
vertically. Clearly, vertical stresses muost exist at, and in the
vicinity of, the point loads, but the radial stresses referred (o are
addinonal 1w these and are more relevant for present purposes.
These radial stresses are associated with the radial stress resultant
(R} which develops within the deformed beam due to the
inclination of the compressive (C) and tensile (T) stress resultants
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acting in the longitudinal direction. The above stress resultants are
shown schematcally i Fig. 2.23, which mdicates that even the
loaded face (which is generzlly assumed to be under plane-stress
conditions} is subjected to a radial stress resultant. As long as the
beam exhibits near-elastic behaviour, the radial stresses
corresponding to the radial stress resultant are small in magnitude
since they are distributed over the whole length of the central
portion of the beam. However, when the central portion of the
beamn starts to develop large deflections (see Fig. 2.22) due to the
formation of a *plastic’ zone caused by a critical Nexure crack, the
radial stresses become sigmificant in magnitede since they tend to
become localised and to concentrate over the plastic zone.™'* For
toad levels close to the maximum load-carrying capacity of the
beam, the mean value ol the above radial stresses may be
estimated — albeit roughly — as follows. If the inclination of the
lomgitudinal compressive and tensile stress resultants is defined by
the angle of discontinuity o resulting from the inelastic
deformation of the “plastic’ zone (Fig. 2.23), then

R =0Csn o =T 5in (2.1

Now, T s approximately equal 1o the total vield force of the
reinforcement, i.e. T=2%11800=236(0) N (see carlier details),
whereas an approximate value for & may be obtained by the ratio:

/2 = maximum mid-point deflection/half-span of beam
(2.2
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For a value of the maximum md-point deflection
approximately equal to 10 mm {(see Fig. 2.22) equation (21.2)
gives i ~ 4-4 % 107 rad which, when substituted in equation
(2.1}, results in B ~ 1000 N. Finally. assuming that the length of
the ‘plastic” zone is 5 mm. a nominal value for the radial stresses
{approximating the section width o ~ 50mm) is: o, ~ 1000/
(5*50) ~ 4 N/mm®, Hence, o, ~ 0.1%f, since, as noted earlier, f, ~
38N/mm”.

The order of magnitude of the transverse stresses o, may be
assessed by reference to the estimate obtained for o, Consider
Fig. 2.24, which shows the variation on the critical section of the
average strains measured in the loading direction on the side faces
of the beams with the transverse strains measured on the loaded
surface. It is interesting 1o note from the figure that the strains
measured on the side faces are slightly larger than those measured
on the loaded face. This is considered as an indication that the
average value of the stresses restraining the transverse expansion
of the cntical section should be at least as large as that of the
radial stresses, 1.e. o, > 0-1¥f.. The wansverse and radial stresses,
therefore. combined with the longitudinal stresses give rise o a
complex multiaxial compressive state of stress in the regions of
the large tensile strain concentrations within the compressive zone
of the beams. Under such a three-dimensional stress state,
concrele can sustain both stresses and strains which can be
considerably larger than those obtained in uniaxial material tests
that form the basis of most current structural design,

How large are the main stresses o7 One would expect these 1o
be at least 50% in excess of f. since, as pointed out in section
2313, Fig. 2.11 suggests that an axisymmetric confining
pressure of some 108 of f. boosts the actual strength by about
cne-hall of s original value. That this is indeed the case may be
seen by reference to Fig. 2.25(a), which shows the resultant
tension (F) and compression (C) force resultants at a critical
section of a beam. Since only an order of magnitude estimate of
m 15 required, average stress values may be used and hence it i
sufficiently accurate to adopt a rectangular stress block. Now,
earlier calculations for beam 1 gave T=0C =23600 N (ie.
ductile failure), while the ultimate load P = 6800 N combined
with a rounded-off value of the shear span of some 300 mm leads
te the maximum-sustained bending moment of ~ 6800*300

*H‘
1

i

N

(e
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~ 2040000 Nmm. The lever arm then follows at z=2040000/
23600 ~ 86:5 mm, enabling the depth of the siress block o be
estimated at x = 2%(90-86-5) ~ Tmm. As before, the beam width
may be approximated to 50 mm so that the compressive-zone
stresses m ~ 236000 50FT) ~ 67 N/mm.” i.e. the average value of
the longitudinal stress at a critical section is 75% above f and,
clearly, some of the actual local stresses will be even higher than
this figure.

On the basis of the assumed distribution of secondary (i.e.
‘confining’) stresses o, and o, (see Figs 2.20) and 2.23), one
could argue that the degree of tnaxiality vanes throughout the
depth of the compressive zone in the manner shown in Fig.
2.25(b), with the longitudinal stresses o increasing from the
neutral plane up to a maximum value (where the confinement is
ereatest) and then gradually decreasing to a smaller value at the
loaded face. If so, it might be suggested that — neglecting the
inevitable stress varatons goross the beam width, which only a
proper three-dimensional analysis could reveal — the shape of
the o distribution is not unlike that of the generally accepted
stress-block shape denved on the basis of a4 umaxial stress-
strain relationship possessing a gradually descending post-
ultimate branch which, as discussed earlier, 15 used by current
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design procedures recommended by codes of practice.
However, the preceding study shows beyond doubt that, while
both the large strains required for ductility and the shape of the
stress block might appear as admitting the postolate that
uniaxial material properties are applicable at a structural level,
such a postulate does not accord with the actual mechanism of
failure i a structure and, furthermore, leads 1o massive
underestimates of the true stresses and transverse tensile strains
under ultimate conditions. (In view of the latter, it is obvious
that the various refinements in the shapes of the stress blocks -
see the discussion at the stant of the present section — are
totally unjustified, so that the simplest stress-block shape (i.e.
rectangular) mght as well be used in ordinary design
calculations.) Therefore, the main conclusion to be drawn from
the preceding study is that the importance of traxiality in
elucidating what tnggers the collapse of a structure and the
sensitivity of triaxial failure envelopes to even small degrees of
confinement make it mandatory to incorporate multiaxial
material descriptions in any model of analysis aimed at
accurate predictions of ulumate behaviour at the structural
level.
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2.4, Reappraisal
of the current
approach for
assessing shear
capacity

2.4.1. Validity of
CEOnCes
wnderlving shear
design

The concepts which underlie current shear design methods are
incompatible with the behaviour of concrete {(at the matenal
level) as described in the preceding section. As an example of
this incompatibility, reference could be made to the contribution
of cracked concrete — through aggregate interlock — to the
shear capacity of beam-like structural-concrete members. Such a
contribution can be effected only in the presence of the strain-
softening characteristics described by the descending branch of a
m — £ curve, since it is this branch that describes the behaviour of
concrete after the formation of macrocracks.™™ However, from
the experimental information discussed in section 2.3.1.1, it
became apparent that the descending branch does not describe
material behaviour, but merely represents the interaction between
specimen and loading platens. Concrete is a brittle matenial, and,
as such, it is characterised by a complete and immediate loss of
load-carrying capacity as soon as macrocracking occurs, with
such behaviour precluding any direct contmbution of cracked
concrete 1o the load-carrying capacity of a structural-concrete
member,

Moreover, aggregale inferlock 15 considered to be effected by
the shearing movement of the interfaces of an inclined crack.
However, such a movement is incompatible with the cracking
mechanism of concrete discussed in section 2.3.1.2. Ths
cracking mechanism nvolves crack extension in the direction
of the maximum principal compressive stress and crack-opening
in the orthogonal direction. The apparemt lack of shearing
movement of the crack interfaces also contrasts with the
assumption that dewel action is one the contributors to the shear
capacity of a beam-like structural-concrete member,

The doubts expressed above regarding the ability of cracked
concrete to contribute to shear capacity also cast doubts on the
validity of the concepts of fruss analogy and shear capacity of
critical cross-seciion, as the validity of the above concepts
depends on the validity of the concepts of aggregate inrerlock
and dowel action. Therelore, the objective of the expenmental
information presented o what follows has been not only to
provide defimitive conclusions regarding the validity of the
concepts which underlie current methods for shear design, but
also 1o wdentify both the frue contnibutors o shear capacity and
the causes which underlie the so-called ‘shear-types’ of failure,

The wvalidity of the concepts which underlie current methods for
shear design has been mvestigated expenmentally by testing
under two-point loading the simply-supported beams shown in
Figs 2.26(a) and 2.26(b).>"**"" The figures depict the geometric
characteristics, together with the reinforcement details, of two
types of beam with values of the shear span-to-depth ratio (a, /)
approximately equal to |-5 and 3.3, respectively. The beams of
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Fig. 2.26{a) have the same geomeiric characteristics and
longitudinal reinforcement but, with regard 1o the transverse
reinforcement, they have been classified as follows:

»  beam A: without transverse reinforcement

 beam B: with transverse reinforcement within the shear
span only

=  beam C: with transverse reinforcement throughout the
beam span

*  beam D: with transverse reinforcement within the flexure
span in the region of the point loads only,

As for the case of the beams in Fig. 2.26(a), the beams of Fig.
2.26(b) also have similar geometric characteristics and
longitudinal reinforcement, and, depending on the arrangement
ol their transverse reinforcement, have been classified as follows:

« beam Al: without transverse reinforcement

« beam Bl: with transverse reinforcement within the shear
span only

* beam C1: with transverse reinforcement within the portion
of the shear span extending 1o a distance equal o 200 mm
from the support

« beam DI: with transverse reinforcement within the
portion of the shear span between the cross-section at a
distance equal to 200 mm from the support and the cross-
section through the point load.

The experimental results are summarised in Figs 2.27(a) and
2.27(b}y which show the load-deflection curves for the beams
lested.

24.1.1. Shear capacity of critical cross-section

In accordance with current design pmx‘i&-‘.inn:-;."’ the flexural
capacity of the beams in Fig. 2.26(a) is approximately equal to
2:64 kNm and corresponds to values of the load-carrying
capacity equal to 39 kN for the case of the beams with a,/
d=15{in Fig. 2.26(a)), and 18 kN for the case of the beams with
ay fd=3-3 {in Fig. 2.26(b)). Moreover, the shear capacity of the
cross-section without the contribution of the transverse reinforce-
ment 18 approximately 7-8 kN, and comresponds 1o a value of the
load-carryving capacity equal to 15-6 kN for both types of beam
tested. It should also be noted that the transverse reinforcement is
sufficient, in accordance with current code provisions, to
safeguand against ‘shear’ types of failure within the portions of
the beams where it was placed.

In accordance with the assumption of the crirical cross-
section, every cross-section within the shear spans of the beams is
potentially critical, while those within the portions without
transverse reinforcement have the smallest shear capacity. Since,
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be expected that the load-carrying capacity of beams A and IJ in
Fig. 2.26{a), and beams Al, Cl, and D1 in Fig. 2.26(b) should
correspond to the shear capacity of the beams. Yet, the
experimental results depicted in Figs 2.27(a) and 2.27(b) show
that, i contrast with beams A and Al which did indeed fail in
‘shear’, beam D in Fig. 2.26(a) and beams C] and D1 in Fig.
2.26{b) exhibited a flexural mode of failure, It may be noted that
the load-deflection curves of the above beams are similar to those
describing the behaviour of beams B and C (see Fig. 2.27{a)), and
beam Bl (see Fig. 2.27(b)) which were designed to current code
provisions. From such experimental results, it becomes apparent
that the assumption of shear capacity of critical cross-sections is
not valid.

2.4.1.2. Aggregare interlock

The ductility which characterises beams D and D1 is directly
related to the large width of the cracks forming within the tensile
zone as the beams approach their ultimate limit state, It is
important 1o note that the width of the imclined crack which
formed within the portion of the shear span without shear
reinforcement exceeded Imm.™'® It has been established
experimentally that such a crack width precludes aggregate
interlock even if there were shearing movement of the crack
interfaces.”'* In this manner, the present tests verify experi-
mentally that there can be no contribution 1o the shear capacity
through aggregate interiock al the imerfaces ol inchned cracks (a
conclusion also corroborated by numerical modelling’-'>*'3),

24.1.3. Dowel action

There has also been experimental information indicating that
dowel action cannot contribute to shear capacity. Dowel action s
effected by the bending and shear stiffnesses of a steel bar,”'"
and, as a result, it must be affected by the diameter of such bars.
A reduction in bar diameter should lead o a considerable
reduction of flexural and transverse stffnesses and, hence, it is
realistic 10 expect a significant reduction in the contribution of
dowel action 10 shear capacity. However, a reduction in the
diameter of the bars used as longitudinal reinforcement for beams
such as beams A and Al in Figs 2.26(a) and 2.26({b) respectively,
in 4 manner that maintains the total amount of longitudinal
reinforcement essentially constant {see Fig. 2.28), was found 1o
have no effect on the shear capacity of beams.™ '™

2.4.1.4. Truss analogy

From the expenimental information presented in the preceding
sections, it became apparent that beams D, C1 and D1 did not fail
in shear despite the fact that the absence of stirrups within the
shear span of beam D in Fig. 2.26(a) and within a large porhon of
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the shear spans of beams C1 and D1 in Fig. 2.26(b) precludes the
transformation of the beams into trusses. It would appear,
therefore, that it 15 nor a necessary condition for a beam with
stirrups to behave (at the ultimate limit state) as a truss in order to
resist the action of shear forces, Moreover, the experimental
results in sections 1.4 to 1.6 indicated that to design structural
concrete members {in compliance with current code provisions)
sitch that they behave as trusses at the ultimate limit state does
not always safeguard against “shear” types of failure. In view of
the above, it is concluded that there is no justification for the
assumption that a beam-like member with both longitudinal and
transverse reinforcement behaves as a truss as soon as it suffers
inclined cracking,

As 1t has been established from the experimental information
presenied in the preceding sections that, in the absence of
transverse reinforcement, the tensile zone of shear spans cannot
contribute to a beam’s shear capacity, it can only be concluded
that the compressive zome 15 the sole contributor to shear
capacity. Such a conclusion is reinforced by the experiments on
beams depicted schematically in Fig. 2.29 which led to the data
presented in Fig. 2.30.7 " The latter figure shows that restricting
the use of stirmups only within the compressive zone of beam B
in Fig. 2.29 does not essentially alter the mechanical
charactenistics of the beam in companson with those of beam
A which was designed in compliance with current code
provisions. Moreover, a reduction in the spacing of the stirrups
within the compressive zone, as indicated in beam C of Fig.
229 leads 1o a considerable improvement of the beam response
as regards both strength and stiffness, without affecting ductility.
This is because the denser spacing of the stirrups provides
effective confinement to the compressive zone, thus increasing
the compressive strength of concrete by an amount which
maintains the force sustained by the compressive zone, in spite
of the reduction of the zone depth caused by the longer extension
of the flexural cracks at the higher load attained. (The reduction
of the compressive-zone depth increases the lever arm of the
mternal longitudinal acbons (compression  sustained by the
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compressive zone and tension sustained by longiudinal
reinforcement), thus leading to an increase in flexural capacity,
without the need for an increase in the tensile force sustained by
the lomgiudinal remnforcement. )

An increase in shear capacity may also result from an increase
of the cross-sectional area of the compressive zone of a beam. It
15 well established that the shear capacity of a beam with a T-
section increases by approximately 20% with respect to that of a
beam with a rectangular cross-section with characteristics similar
10 those of the web of the T-beam.” Since such an increase is
insignificant in comparison with the wide scatter of the values of
the shear capacity established from tests on a wide range of
beams," '™ " current code provisions ignore it and recommend
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that the shear capacity of a T-section should correspond 10 a
rectangular section equal in size to the web of the T-section.' '

There are cases, however, for which beams with a T-section
exhibit a shear capacity sigmificanily higher than that predicted
by current design methods. A typical such case is that of a beam
with the geometric characteristics shown in Fig, 2.31 which was
found to have a shear capacity more than three times that
predicted by current code provisions.™*' This experimentally
established value correlates closely with the prediction of a semi-
empirical expression proposed for the assessment of shear
capacity.” ' This expression places significant importance,
among other parameters, on the shape of the section, which is
ignored completely by current code provisions. The effect of the
shape ol the section 15 related to the “smoothness’ of the flow of
the internal stresses which develop within a beam in flexure.**
Full details of the theoretical basis and the predictions of the
above expression will be given in Chapter 4.

The crack panern of the beam in Fig. 2.31 is shown in Figs 2.32
and 2.33 for values of the applied load equal 1o 63 kKN and 135kN,
respectively. The former value of the applied load is nearly
double the value predicted by current codes to cause a “shear’
tvpe of failure, while the latter value is about four times larger
than the code prediction. It is interesting 1o note in the fgures
that, in spate of the considerable increase of the applied load, the
crack patterns differ only in the width of the inclined crack,
which attained a value exceeding 3 mm for the case of the higher
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load. As for the case of beams D and D1 in Figs 2.26(a) and
2.26(b) respectively, such a crack width precludes aggregate
interlock along the crack surfaces.’ '

However, the main charactenstic of the crack pattern — n
both cases — is the deep penetration of the inclined crack into the
compressive zone which, at the cross-section including the tip of
the inclined crack has a depth of merely 10mm. For the two
values of the applied load considered above, the shear force
acting at this cross-section attaing values of 10-5 kN and 25 kN
respectively. As the size of the crack width precludes any
contribution to shear capacity other than that of the compressive
zone, the mean valoes of the shear stress corresponding to the
above values of the shear force are 525 MPa and 12-5 MPa
respectively. These values of the shear stresses are indicative of
the magnitude of the tensile stresses expected, in accordance with
current design methods, to develop within the compressive zone
in the region of the tp of the deep inclined crack. As the
magnitude of the tensile stresses exceeds by a large margin the
tensile strength of concrete {f;=01xf.=0-1x32=3.2 N/mm?),
failure should have occurred well before the lower of the values
of the applied load considered above was attained.

However, current design methods ignore the existence of a
triaxial compressive stress field in the region of the tip of the
deepest inclined crack, which is caused by the local volume
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dilation of concrete under the large longitudinal compressive
stresses which, as discussed in section 2.3.2, inevitably develop at
a cross-section with a small depth of the compressive zone. The
existence of such a tnaxial compressive stress state counteracts the
tensile stresses due to the shear forces acting in the same region in
the manner schematically descnbed in Fig. 2.34, and, hence, the
stress conditions remain compressive in this region, in spite of the
presence of exceedingly large shear stresses,

Finally, with a further increase of the applied load, the values
of the shear forces increase to a level at which the tensile stresses
that they cause cannot be counteracted by the compressive
stresses developing by volume dilation. As for the case of the
mechanism of flexural failure (see section 2.3.2), failure of the
compressive zone 15 charactensed by the development of
longitudinal cracking, as indicated in Figs 2.35(a) and 2.35(b)
which show the crack patterns at the instant ‘shear” types of
failure occur. The former figure refers to the beam of Fig. 2.31,
subjected to two-point loading (instead of the six-point loading
which resulted in the crack patterns in Figs 2.32 and 2.33), while
the latter refers to beam D1 in Fig. 2.26(h).

As discussed in section 2.4.1.4, from the experimental
information presented in the preceding sections, il becomes
apparent that it is not essential for a beam with transverse
reinforcement to behave (at the ultimate limit state) as a truss in
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b}

Fig. 2.35. Horizonral cracking which precedes failure of the compressive zone of the (a) beam in Fig.
2.2 under two-poinr loading, and (b) beam DI in Fig. 2.26(b)
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2.5. Conclusions

order to resist the action of a shear force. The absence of such
reinforcement within the shear span of beam D in Fig. 2.26(a), a
large part of the shear spans of beams C1 and 21 in Fig. 2.26(b),
and within the tensile zone of beams B and C n Fig. 2.29,
precludes the transformation of the beams into trusses, Moreover,
even for the case of beams designed in comphance with current
code provisions, the presence of transverse reinforcement is nof
sufficient for ensuring rruss action without the contribution of
cracked concrete within the tensile zone.

As discussed in section 2.3.1.1. macrocracking dictates the
strain-sofiening characteristics of concrete. However, in
accordance with the experimental information presented in the
above section, afier the formation of macrocracks, concrele
behaviour 18 characterised by a complete and immediate loss of
load-carrving capacity, Hence, in contrast with current design
methods, the inability of cracked concrete to allow for the
formation of inclined struts precludes the transformation of a
beam into a truss (as noted in section 2.4).,

However, all experimental information puoblished w date
indicates that the provision of transverse reinforcement results in
a considerable increase of shear capacity. It is realistic to
postulate that the mechanism of the contribution of transverse
reinforcement to shear capacity is similar o that of the
longitudinal reinforcement to flexural capacity, in that the
reinforcement is capable of sustaining the portion of the tensile
acthions (in the direction of the reinforcement) that cannot be
sustained by concrete alone. However, the manner in which
transverse reinforcement may be used in an efficient manner is
discussed in Chapter 4.

From the expenimental evidence presented in this chapter, il
becomes apparent that many of the concepts underlying current
design methods are incompatible with fundamental
characteristics (such as, for example, stress—strain relations,
cracking processes, failure mechanism, eic.) of the behaviour of
concrete al the material level. It is a consequence of this
icompatibility  that assumptions such as “the uniaxial stress—
strain response of concrete in the compressive zone of a “critical’
cross-section in flexure', the contributions of ‘aggregate
interlock” and ‘dowel action’, the ‘truss analogy’, elc., are not
borne out by expenmental evidence.

The expenmental results also indicate that the compressive
rone of a beam-like member at its ultimate limit state is subjected
o triaxial stress condinons which results i 8 shear capacity
considerably larger than that corresponding to plane-stress
conditions. This additional shear capacity compensates for the
inability of cracked concrete within the tensile zone to contribute
to the shear capacity of the member.
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When either the flexural or the shear capacity of a structural
concrete beam-like member is exhausted, failure was found, in
both cases, to be caused by failure of the compressive zone. The
mechanism of such failure is related to the development of

transverse tensile stresses which, when the tensile sirength of
concrete is exceeded, cause longitudinal cracking of the

compressive zone which propagates rapidly and leads to collapse.
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3. The concept of the compressive-force

path

3.1, Introduoction

3.2, Proposed
function of
simply-supported
heams

3.2.4. Physical
state of beam

This chapter proposes a quabitative desenption of the behaviour
and function of a structural concrete member at s ultimate himit
state, together with a description of the mechamism which
underlies the transfer of external load from its point of
application to the supports of the structural member. This
qualitative description, which is compatible with the experi-
mental information presented in Chapter 2, is made by reference
to the case of a simply-supporied beam, without stirrups, at its
ultimate limit state under transverse loading (the effect of axial
loading is also considered). Such a structural member was chosen
because, not only is there ample expenimental information
deseribing its behaviour but, also, the description of how the
beam acteally functions forms the theory underlving the
development of the design methodology proposed in the next
chapter. This theory has been termed the “‘compressive-force path
({CFP) concept” since, as deduced from the description of how the
beam l[unctions, the main characteristic of the beam is that both
its loading capacity and failure mechanism are related to the
region of the member containing the path of the compressive
stress resultant which develops wathin the beam due to bending,
just before faillure occurs. Expenimental mformation on  the
validity of the proposed concept is also presented, and it is shown
that the concept provides a realistic description of the
fundamental causes which dictate the various types of beam
behaviour as established by the experimental information
available to date. The generalisation of the proposed concept,
so as to extend its applicability to any structural configuration
and, in particular, to the case of skeletal structures, forms pant of
the subject presented in the nexi chapter.

Figure 3.1 provides a schematic representation of the crack
pattern and the deflected shape (in a magnified form) of a simply-
supported beam under transverse loading, just before failure. The
figure shows that cracking encompasses a large portion of the
beam and comprises both vertical and inclined cracks. The
cracks, in most cases, initiate at the bottom face of the beam and,
having propagated through the beam web, penetrate deeply into
the compressive zone, the crack tip moving closer to the upper
face. As will be seen in section 3.3, when the cavses of failure are
associoted with the presence of the deep inclined crack closest to
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the support, this crack not only penetrates into the compressive
rone deeper than any other crack, but also extends towards the
support along the longitudinal tension bars, destroying the bond
between the bars and the surrounding concrete,

I would appear from Fig. 3.1, therefore, that concrete
eventually remains uncracked only within a relatively small
portion of the beam. This portion includes, on the one hand, the
two end regions of the beam which extend to the deep inclined
crack forming closest to the supports and, on the other hand, the
relatively narrow strip, with varving depth, which forms between
the crack tips and the upper face, and connects the above two end
regions. As will become apparent in what follows, a charac-
tenistic feature of the above narrow strip is its very small depth
which, as indicated in the figure, is, in localised regions (and, in
particular, in the region including the tp of the deepest inclined
crack}, a very small percentage of the total beam depth.

It should be noted that the presence of an external load acting
on the end faces of the beam, in the axial direction, may have the
following two effects on the physical staie of the beam depicted
im Fig. 3.1.

{a) The depth of the honzontal uncracked zone of the beam
may increase or decrease (leading 0 a corresponding
reduction or increase in the length of the flexural cracks),
depending on whether the axial force is compressive or
tensile respectively.

{b) The presence of the axial force may prevent the formation
of any deep inclined crack.

In all other respects, the physical state of the beam should be
quahtatively simalar 1o that depicied in Fig. 3.1.
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322 Load
transfer to supports

In spite of the extensive cracking, the beam at its ultimate limit
state is capable of fulfilling its purpose, 1.e. transferring the
applied load to the supports. The mechanism through which this
transfer is effected can only be a form of "beam action’ adjusted
s0 as to allow for the particular characteristics of reinforced-
concrete members.

In any beam cross-section (in which the presence of an
external axial force 18 ignored for purposes of simplicity),
mternal actions may be resolved into axial and transverse
components. In particular, for the case of a cross-section
mclieding a deep flexural crack (such as, for example, cross-
section 2-2 in Fig. 3.1), the axial internal actions are such that
their combined action 15 equivalent 1o the bending moment which
develops in this cross-section as a result of the external load,
while the shear force is equivalent 1o the resultant of the external
transverse forces acting on the beam portion to the left of the
cross-section in guestion (see Fig. 3.2).

The relationship between the internal axial and shear forces
may be derived by considering the equilibrium conditions of an
element of the beam between two cross-sections including
comsecutive flexural cracks such as, for example, the element
between cross-sections 1-1 and 2-2 in Fig. 3.1, which s also
illustrated in isolation as a free body in Fig. 3.3. The action of the
couple arising from the shear forces that develop at the two end
cross-sections of this element equilibrates the change in the
bending moment between these two cross-sections. This change
of bending moment is predominantly due to the change in the
magnitude of the axial internal actions, i.e. the compressive force
sustained by concrete and the — numerically equal to it (for
purposes of equilibnum) — tensile force sustaned by the
longitsdinal steel bars (see Fig. 3.3(b)).
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A necessary prerequisite for the change in magnitude of the
above longitudinal intermal actions i1s the existence of bond
between concrete and steel, through which a portion {(AT) of the
tensile force acting on the steel bars is transferred to the concrete
(see Fig. 3.3(c)). It should be noted that force AT is the only
action developing on any of the concrete strips between
consecutive flexural or inclined cracks, since the experimental
evidence presented in the preceding chapter precludes the
development of any significant forces at the crack surfaces due
to “aggregate interlock,” while *dowel action’, even if it were to
develop, is negligible.

A concrete strip such as the above may be considered to
function as a "cantilever’ fixed on to the compressive zone of the
beam and subjected to the action AT transmitted from steel to
concrete through bond (see Fig. 3.3( ¢)).™' The bending moment
that develops at the cantilever base, owing 1o the above force,
balances the action arising from the couple of the shear forces
which act in the compressive zone of the beam. In fact, the above
equilibrium condition essentially describes the mechanism
through which the external load, in the form of shear forces, is
transferred throughout the length of the span within which bond
develops between concrete and steel (see Fig. 3.4(a)).

However, as discussed in section 3.2.1, the existence of the
deep inclined crack near the beam support causes bond failure,
the latter extending between the intersection of the inclined crack
with the longitudinal steel bars and the support, and thus the
external load cannot be transferred by ‘cantilever bending’
bevond the cross-section which includes the tip of the inclined
crack, The mechanism through which the external load is
transferred from the above section to the support becomes
apparent by considering the equilibrium conditions of the end
portion of the beam which encompasses the region enclosed by
the end, upper, and lower faces of the beam, the inclined crack
closest to the support, and the cross-section through the tip of this
crack. This portion is isolated from the beam and represented
schematically by the free body illustrated in Fig. 3.4(b).
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3.2.3. Effect of
cracking on
internal actions

change in path direction occurring in the region of the tip of the
inclined crack closest to the support.

An indication of the internal state of stress and the magnitude of
the stresses which develop in cracked concrete may also be
obtained by considering the forces acting on the beam element
illustrated in Fig. 3.3, This element lies between two cross-
sections (1-1 and 2-2 in Fig. 3.1) which include consecutive
cracks and. as discussed in the preceding section, the only action
exeried on the tensile zone of the element is the portion of the
tensile force (AT in Fig. 3.3(c)) which is transferred from the
longitudinal steel bars to concrete through bond. In fact, the
crack surfaces which form boundaries to this element remain
stress-free since, in accordance with the experimental evidence
presented in the preceding chapter, the cracking mechanism of
the beam precludes the development of both ‘aggregate
interlock” and ‘dowel action’ which are the most likely
mechanisms that could allow for the development of forces at
the crack faces.

As discussed in the preceding section, therefore, the portion of
this element between the cracks acis as a plain-concrete
cantilever (fixed to the compressive zone of the beam) which
undergoes bending as a result of the tensile force AT transmitted
from the steel bars to concrete through bond (see Fig. 3.5(a)). The
state of siress which is compatible with ‘cantilever bending’
results from the development of, on the one hand, a shear force
constant throughout the cantilever length and equal 1o AT (see
Fig. 3.5(c)), and, on the other hand, a bending moment, the
magnitude of which increases with the distance from the free end
of the cantilever, attaining its maximum value at the cross-section
{3-3 in Fig. 3.5(a)) which coincides with the fixed end.

Figures 3.5(b) and 3.5(c) show the distributions of the normal
(') and shear (7') stresses and the corresponding stress resultants
(T" =", V"), whose combined action (T’ = C'z. V') is. for
purposes of equilibrium, equivalent to that of the bending
moment (AM = ATz = Va (see Fig. 3.5(a)) and shear force
(V' = AT) acting on the cross-section (3-3 in Fig. 3.5(a))
coinciding with the fixed end of the cantilever. Since the
cantilever consists of plain concrete, the (numerically ) maximum
vilue of the stresses developing at the above cross-section cannot
exceed the strength (f;) of concrete in tension (as indicated in Figs
3.5(d) and 3.5(¢) which depict the stress conditions at two typical
elements E1 and E2 (of cross-section 3-3 in Fig. 3.5(a)) in pure
tension and pure shear respectively). (For such stress values,
concrete behaviour is essentially linear and. hence, the shape of
the stress distributions assumed in Figs 3.5(b) and 3.5(c) is that
predicted by the simplified beam theory.)
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As the fixed end of the cantilever essentially coincides with
the interface between the uncracked {compressive) and cracked
(tensile) zones of the beam, the uncracked zone is also subjected
to the imternal stresses and stress resultants acting at this
interface, as indicated in Figs 3.5(b) and 3.5(c). However, the
main actions that develop within uncracked concrete are those
indicated in Fig. 3.2 which, together with the tensile force
sustained by the longitudinal reinforcement, resist the combined
action of the bending moment and shear force cavsed by the
applied load. Figure 3.2 indicates that uncracked concrete (i.e. the
compressive zone of the beam cross-section 2-2 in Fig. 3.1} is
subjected not only to the axial compressive force C (due to the
bending moment) but also to the rotal shear force acting at the
beam cross-section (since, as discussed earlier, cracked concrete
cannot contribute to the shear resistance of the beam). Here, it
should be recalled that, although the magnitude of the nominal
shear stress (1.2, the ratio of the shear force to the area of the
compressive zone of the cross-section) exceeds (in regions where
the depth of the uncracked concrete is small) the concrete shear
capacity (as defined in current codes) by a large margin, the
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3.2.4. Contribution
aof uncracked and
cracked concrete to
the beam’s load-

carrving capacity

mechanism of shear resistance described in section 2.4.3 (see also
Fig. 2.34) enables uncracked concrete to sustain the applied shear
force. In compliance with this mechanism, the presence of
triaxial stress conditions (in localised regions of the compressive
zone where the depth is small) delays the development of tensile
stresses (caused by the shear force); therefore, the value of the
shear force required to cause failure of the compressive zone
becomes significantly larger than that expected to cause failure in
compliance with the concepts underlying current design methods.

It should also be noted that, in accordance with the
experimental data presented in section 2.3.1.3, the compressive
zone of the element illustrated in Fig. 3.5 is subjected to large
axial stresses which, owing to the maxiality of the stress
conditions at the ultimate limit state of the beam, may be as large
as twice the uniaxial compressive strength (f.) of concrete.

It would appear from the above outline of the stress conditions
in a typical RC beam, therefore, that, while the magnitude of the
siresses that develop within cracked concrete cannot exceed a
value of the order of the tensile strength of concrete (i.e. a value
of approximately 5-10% of the strength of concrete in uniaxial
compression), the magnitude of the stresses that develop within
uncracked concrete can be of the order of the uniaxial
compressive strength of concrete or even larger than it by a
factor which, in localised regions, may be as large as 2.

As discussed in the preceding section, uncracked concrete
sustains not only the toral axial compressive force that develops
within the beam on account of bending, but also the rotal shear
force, the largest portion of which current codes assume to be
resisted by cracked concrete through “aggregate interlock’ and
‘dowel action.” As a result, the contribution of uncracked
concrete essentially represents the total contribution of concrete
to the load-carrying capacity of the beam.

In contrast, ¢racked concrete, through the formation of “plain-
concrete cantilevers’ between consecutive flexural and/or
inclined cracks, provides a mechanism which allows it to make
a significant contribution to the transfer of the external load,
through the uncracked portion of the beam, from its points of
application to the supports. As described in section 3.2.2, this
mechanism involves the development of bending moments at the
fixed ends of the cantilevers (interface between uncracked and
cracked concrete) which balances the actions arising from the
shear forces acting at beam cross-sections, including flexural or
inclined cracks (as indicated in Fig. 3.4(a)). As described also in
section 3.2.2, the development of the bending moments is
attributable to the forces AT (see Fig. 1.3) which are transferred
from steel to concrete (in the free-end region of the cantilever)
through bond.
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3.2.5. Causes of

Jailure

Figure 3.6 shows a schematic representation of the uncracked
portion of the beam as a free body under the action of the extemnal
load, applied at its top face. and the action of the internal forces
developing along the cut which separates the uncracked portion
from the remainder of the beam. The figure also provides an
indication of the locations where tensile stresses are likely 1o
develop within the uncracked portion.

As discussed in the preceding sections, the uncracked portion
of the beam, through which the applied load is transferred o the
supports, encloses the path of the compressive stress resultant
which develops within the compressive zone due 1o the bending
of the beam. As discossed in section 3.2.2, this transfer requires,
on the one hand, the contribution of the cracked portion of the
beam through “cantilever bending’ (the latter causes the mternal
actions which develop at the interface between the uncracked and
cracked regions [see Figs 3.5(b) and (c}]) and, on the other hand,
the change in the path direction {see Fig. 3.4(b}) which occurs at
the locations where the middle horizontal narrow strip joins the
end blocks of the uncracked portion of the beam (see Fig. 3.6).

From the schematic representation of the distribution of the
compressive stresses (o) within the end region of the beam
shown in Fig. 3.6, it becomes apparent that only a diagonal sirip
of this region, which forms essentially an extension of the
compressive zone, is ulilised for the transfer of the applied load
to the support. With regard to the remaining portion of this end
region, ils lower part provides anchorage space for the
longitudinal reinforcement, while the upper part remains
essentially “structurally” inert, in the sense that it does not make
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any sigmficant contmbution 1o the transter of the applied load to
the supports, in spite of the development of parasitic stresses of
small magnitude and random onentation.

In additron 1o its contribution o the transfer of the apphied load
to the supports through bond-induced cantilever action, the
presence of the cracked portion of the beam effects the
mteraction between uncracked concrete and the longitudinal
remnforcement, while, at the same time, it maintains the relative
position of the above two components of the beam essentially
unchanged throughout the loading history of the beam.

Having established in the preceding section that the uncracked
portion of the beam 15 the sole concrete contributor 1o the load-
carrying capacity of the member (the latter being also dependent
on the strength of the longitudinal reinforcement), it is essential
to identify the canses of beam failure. If it is assumed that the
beam is designed so that it does not suffer any loss of its load-
carrying capacity as a result of failure of the longitudinal steel
bars, then the causes of falure should be sought in the portion of
the beam which comprises uncracked concrete, since cracked
concrete could be viewed as concrete already failed.

On the basis ol the expenimental data presented in the
preceding chapter, concrete always fails in tension. As a result,
the search for the causes of falure of the porton of the beam
comprising uncracked concrete only must be focused on the
identification of regions of this portion where tensile forces are
likely o develop. Such regions may be the following.

{a}l Regions of change in the direction of the path of the
compressive stress resuftani. A tensile stress resuliant (T,
in Fig. 3.6) may develop at the location where the path
changes direction as a response to the action of the
vertical component of the inclined compressive stress
resuliant, developing within the ¢nd block of the
uncracked portion of the beam, which tends to separate
the upper part of the compressive zone from the remainder
of the beam by splitting near-horizontally this zone in the
region of the change in the path direction. (The change n
direction of the stress trajectory necessilates, for
equilibrium purposes, a (nearly-vertical) orthogonal force
bisecting the angle between the two stress directions. )

(b} Interface between uncracked and cracked concrete. As
indicated 1in Fig. 3.6, tensile actions (in the sense that they
pull the ‘cracked’ regions away from the ‘uncracked’
ones) develop, as described in section 3.2.3, at the above
iterface due to ‘cantilever bending’ in the cracked region
of the beam (see Fig. 3.5(b}). Since, as deduced from the
expression Tz = Va in Fig. 3.5, T is proportional to V,
an indication of the variation of the magnitude of T°
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Fig. 1.7, Effecr of bond
logs on tensile force
sustained by
Lomgifuding!
reinforcement (note
thar the shape of the
varnadiion af the rensile
Sforce before bond loss
occurs is similar o
that of the bending-

moment diagram)

within the beam span may be obtained from the shear
force. From the latter’s diagram, it can be seen that the
most likely tensile action to cause failure (i.e. o' 10 exceed
£ is that (T in Fig. 3.6) which develops in the region of
the tensile action T; where the compressive-force path (1o
which the uncracked portion of the beam forms an
envelope) changes direction. Failure in this region may
occur not only because the tensile action in this region
attains the largest value (as indicated by the shear-force
diagrams outside the region of the uncracked beam end (in
the latter, load transfer does not occur through cantilever
bending) of most types of loading condition considered in
practice), but also because the inclined crack in this region
has the most favourable orientation for crack extension (as
opposed 1o more central portions of the shear span, where
the existing (mainly flexural) cracks are near-normal to
the cracks caused by T7). (The tangent to the shape of the
inclined crack at the crack tip coincides essentially with
the orientation of the principal compressive stress which
defines the direction of crack extension.)

fc) Regions adjacent to those including cross-sections with

deep flexural or inclined cracks. Volume dilation of
concrete in the compressive zone of regions ncluding
cross-sections with deep flexural or inclined cracks induce
transverse tensile actions 7> in the adjacent regions. (A
full description of this mechanism for the development of
such transverse actions is given in section 2.3.) Four such
possible locations are illustrated generally in Fig. 3.6.
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Regioms of applied point loads. These regions usually
include cross-sections within the shear span where the
applied bending moment is large (see Fig. 3.7). AL the
ultimate limit state of the beam, it is likely for bond failure
1o occur in the tensile zone of such regions (see Fig. 3.8).
From the hgure, it can be seen thal the loss of bond resulis
in an extension of the right-hand side flexural crack
sufficient to cause an increase Az of the lever arm such
that TAz = Va (thus preserving moment equilibrium which
would otherwise be lost because of the elimination of AT
as a result of the bond destruction). The extension of the
flexural crack reduces the depth of the neutral axis and
this increases locally the intensity of the compressive
stress field. In twrn, this increase in the siress intensity
should give nse to tensile actions in the manner previously
described i item {c) above, (Therefore, one can conclude
that bond falure 15 likely o occur either near the support
{due to the propogation of the inclined crack towards the
support along the interface between concrete and the
lengiudinal reinforcement) or at locations of large
bending moment (and non-zero shear) because of the
tensile vielding of the bars. )

The descrniption of the functioning of the simply-supported beam
proposed in the preceding sections conirasts with current views
with regard to the following points.

feil

b}

Uncracked concrete in compression (through which the
applied load is wransferred to the supports) and the longi-
midinal main-steel bars in tension are essentially the sole
contributors to the load-carrying capacity of the beam, with
cracked concreie contributing mainly to the transfer of
applied load to the supports through “cantlever bending .
Failure of the beam is caused by the development of
tensile stresses within the previously uncracked concrete,
which act transversely to the longitudinal compression
that develops as a result of the bending of the beam.
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The adoption of point {a} above is fully justified as this
premise is compatible with the experimental data presented in the
preceding chapter. However, point (b} remains to be proved as
compatible with expenimental data available to date on beam
behaviour at the wlumate limit state. Such data have been
summanzed m Fig. 3.9, which provides a schematic
representation of the variation of the load-carrying capacity of
a simply-supported reinforced-concrete beam, without stirrups,
nnder two-point loading with the shear span-to-depth (a./d) ratio
for various percentages of the longitudinal reinforcement, with
the beam's load-carrving capacity being expressed in the form of
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Tvpe I behaviour

Type Il behaviour

the bending moment at the mid cross-section. (This ratio MM
reflects the actual capacity of the beam relative to its full flexural
capacity,) From this form of representation of the data (first
introduced by Kani''"), it becomes apparent that the behaviour of
the above beam, at its ultimate limit state, may be divided into
four types of regimes associated with the value of a,/d.

Type 1 behaviour corresponds to relatively large values of aJ/d
(usually larger than 5) and is characterised by a flexural mode of
failure. The causes of such a mode of failure are fully described
in section 2.3 of the preceding chapter and they have already
been incorporated into the proposed qualitative description of
beam behaviour (see item (c) in section 3.2.5).

Type 11 behaviour corresponds to values of a,/d between
approsimately 2 and 5, and 15 charactensed by a bntile mode
of failure which is usually associated with the formation of a deep
inclined crack within the shear span of the beam. {Brittle failure
may also occur owing to near-horizontal splitting of the
compressive zone which occurs independently from any web
cracking in the region of the point load, as discussed later in this
section. Immediately after its formation, the inclined crack
{which, for values of a/d closer to 2 rather than 3, is essentially
an extension of the flexural crack {marked with f in Fig. 3.9)
closest to the support) extends near-horizontally (branch ¢—d in
Fig. 3.9) within the compressive zone towards the point load in
an unstable manner, leading o an immediate and total loss of
load-carrying capacity of the beam. (This inchined crack may also
extend towards the support along the interface between concrete
and the steel bars (branch a—b in Fig. 3.9), destroying the bond
between the two materials, but such an extension may be
prevented from leading to failure of the beam by proper
anchoring of the steel bars.)

The causes of such a mode of failure are described by items
fa) and (h) in section 3.2.5. These are associated with the
development of ensile actions in the region where the path of the
compressive force (owing to the bending of the beam) changes
direction. Such tensile actions, as discussed in section 3.2.5, may
cause splitting of the compressive zone which leads to total loss
of the beam load-carrying capacity. Details of the manner in
which the above failure process initiates is illustrated in Figs
2.35(a) and 2.35(b) which show that. between the upper face of
the beam and the inclined crack closest (o the support, in the
region of the crack tip, an isolated (deepest) crack (marked with ¢
in the two figures) forms as soon as the tensile strength of
concrete 15 exhausted. (The extension of this crack was prevented
by the instantaneous unloading of the beam as soon as the crack
appeared. Maintaining the load constant leads to the failure
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Fig. 3.10. Modes of process described above, which gives the {misguided) impression
failure of beams with  that failure is caused by the extension of the inclined crack, as
Herias 'm"‘”"."""‘"” usually depicted for type I1 behaviour (as in Fig. 3.9).) It becomes
under wo-paing . :
loading apparent I'rf}rn the above, .U'lerefnre, t.hnl in order to prevent this
type of failure the location at which the compressive force
changes direction must be known a prion.
Figures 3.100 and 3.11 illusirate the crack paiterns of two
groups of beams at failure tested under two-point and uniformly-
distributed loading respectively.”” As discussed in section 3.2.2,
the change in the direction of the path of the compressive force
which develops due to the bending of the beam occurs in the
region of the tip of the inclined crack forming closest to the
support. For the beams under two-point loading with values of
a,/d between 2 and 5 (beams 4 to 6 in Fig. 3.10), as well as for
the beams under uniformly-distributed loading with a normalised
(with respect to the beam depth) span (L/d) greater than 8§ (beams
1310 17 in Fig. 3.11). the tip of the above crack lies at a distance
approximately equal to twice the beam depth (24) from the
support. It should be expected, therefore, that the provision of
sufficient reinforcement at a distance of 2d from the supports
should prevent beam failure associated with the causes of failure
described by items {a) and (b) in section 3.2.5. In fact, placing
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Twpe IV behavieur

the development of an inclined crack within the shear span of the
beam which, as indicated n Fig. 3.9, and in contrast with the
inclined crack characterising type IlI behaviour, forms
independently from any pre-existing flexural or inclined crack.
Moreover, unhke the inclined crack which characterises type i1
behaviour, the formation of the inclined crack for type 111
behaviour does not lead to immediate failure: instead, the applied
load must be increased further in order to cause failure of the
beam.

The main characteristic of this type of behaviour 15 that the
beam fails outside the shear span, As indicated by the mode of
failure of beams 2 and 3 in Fig. 3.10, the extension of the inclined
crack, which forms within the shear span, deviates from the
region of the applied load, where the strength of concrete is
higher owing to the triaxial compressive stress conditions which
develop in this region,”™** and penetrates deeply into the
compressive zone of the ‘flexure’ span of the beam causing
failure of the type described by item fc) in section 3.2.5, i.e. the
volume dilation of concrete in the compressive zone of the cross-
section through the tp of the inclined crack causes fransverse
tenstle stresses in the adjacent regions leading to splitting of the
compressive zone and failure of the member, before the flexural
capacity is attained.

The above explanation of the causes of fatiure 15 compatible
with the experimental data obtained from the tests on the beams
of type D shown in Fig. 2.26{a). From this figure, it appears that
the placing of hinks only within the *flexure’ span of beams with
add =1-6 delays the formation of honzontal cracks in the region
of the point load sufficiently for the beam to exhaust its lexural
capacity first. It is also of practical interest, as will be seen in the
next chapter, (o note that for the case of point loading the change
in the direction of the path of the compressive siress resultant
occurs in the cross-section through the point load (see beams 2
and 3 in Fig. 3.10), whereas for the case of uniformliv-distributed
loading this change in path direction occurs at a distance from the

suppart approximately equal to a quarter of the beam span (see
beams 11 and 12 in Fig. 3.11).

Type IV behaviour corresponds to values of a/d smaller than 1
and 15 charactensed by two possible modes of Failure:** fa) a
ductile mode of failure, for the case of failure within the middle
narrow strip of the uncracked portion of the beam; and (b) a
brittle mode of Failure, for the case of failure of the end blocks of
the uncracked portion of the beam in the region of the support. As
will be seen in Chapter 4, the mode of failure is generally dictated
by the size of the beam width, the larger sizes being more likely
o lead to a ductle, rather than a brttle, type of failure. It should
be noted, however, that in both cases there is no significant, if
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4. Design methodology

4.1. Introduction

4.2, Simply-
supported
reinforced
concrete beam
4.2.1, Physical
miendel

In this chapter, the gqualitative description of beam behaviour
presented 1n Chapter 3 15 transformed nto a new methodology
suitable for the design of concrete structures. This earlier
qualitative descniption is now condensed into a physical model
of a simply-supported beam with behavioural charactenstics
(such as, for example, crack pattern, intemal actions, mechanism
of external load transfer to the supports, failure mechanism, ete.)
similar to those of a real beam at iis vwltimate limit state. The
physical model forms the basis of the proposed design
methodology which is initially developed so as to be used for
the design of simply-supported reinforced concrete beams. Iis
development is then complemented so as to extend its use to the
case of prestressed concrete beams, and, finally, it is completed
s0 as o become capable of providing design solutions for any
tvpe of skeletal structural-concreie configuration comprising
beam-like elements.

Figure 4.1{a) depicts the physical model of a simply-supported
beam. the qualitative charactenstic features of which were
described in detall in the preceding chapter. Figure 4.1(b)
provides a schematic representation of the effect that the presence
of external axial load has on this physical model. As indicated 1n
Fig. 4.1(a), the beam. in all cases, is modelled as a ‘comb-like’
structure with ‘teeth’ fixed on to the horizontal element of a
‘frame’ with inclined legs. The ‘frame’ and the ‘teeth’ also
interact through a horizontal “tie” which is fully bonded o the
‘teeth’, near their bottom face, and anchored at the bottom ends
of the “frame’ legs. A comparison between the proposed model
and the beam of Fig. 3.1 indicates the following.

fal The “frame’ provides a simplified representation of the
uncracked region of the beam which encloses the path of
the compressive stress resultant that develops due o
bending.

fk) The ‘tie’ represents the flexural reinforcement.

fel The “teeth’ of the “comb-like” maodel represent the plain-
concrete cantilevers which form between successive
flexural or inclined cracks within the tensile cracked zone
of the beam.

As concluded in the preceding chapter, the load-carrying
capacity of the beam is provided by the combined action of the
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4.2.2. Failure
criterion

Fig. 4.2, Schemaric
riepresendation of the
Jailure criterion for the
phvsicol model in Fig.
4.1

uncracked concrete and the flexural reinforcement, ie. the
‘frame’ and the ‘“tie" of the proposed model, with uncracked
concrete, i.e, the ‘frame’, also transferring the applied load to the
supports, while cracked concrete in the tensile zone, iLe. the
‘teeth’ of the ‘comb’, provides the (bond-based) mechanism
through which the transfer loop is completed.

In order 1o implement in practical design the physical model
presented in the preceding section, it 1s essential o complement it
with a failure criterion capable of predicting both load-carrying
capacity and mode of failure. Such a failure criterion must be
compatible with experimental information such as that
summarised, in a pictorial form, in Fig. 3.9, The figure includes
a graphical description of beam load-carrying capacity, together
with schematic represeéntations of the modes of failure
characterising the four distinct types of behaviour indicated in
the figure.

It is relatively straightforward to predict the load-carrying
capacity for the case of type | behaviour since, as indicated n
Fig. 3.9, the ultimate capacity comesponds to the flexural
capacity of the beam (which is calculated as described in section
4.2.4 50 as to allow for triaxial effects in the compressive zone).
On the other hand. for the types of behaviour I and I, the
assessment of load-carmyving capacity may be based on the
analytical description of the corresponding portions of the
diagram of Fig. 3.9, as discussed below. (The assessment of
the load-carrying capacity for type IV behaviour is discussed
later. )

An analytical description of the portion of the diagram {a
schematic representation of which is given in Fig. 4.2)
corresponding to type I behaviour may be given by expression
(4.1} presented below, which is a slightly modified (more
conservative) version' ™ of an empirically derived formula®***
for a beam’s shear capacily, the latter already being adopted by
the British code of practice for the fire-resistant design of
concrete structures:™’

M_ M,
=]
= |
=

2
A i 1 ] i
1 2 a 4 5 i}
a id
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M =0-8755d[0-342b, +0.3(M; [d* 1/ 12/5)] &/ 11666/ pof, )
(4.1)

where x 15 the distance of the cross-section where M. is
caleulated measured from the support closest to it:

a, for the case of two-point loading (i.e. the
shear span); (single-point loading can be
viewed as a special case of two comncident
point loads)

2d  for the case of uniformly-distributed loading
(including any case where more than two
point loads are uniformly distributed along the
beam span)

My s the flexural capacity of the section where M, 15

calculated
¢ 15 the distance of the centroid of the tension

reinforcement from the extreme compressive fibre
(i.e. the effective depth)
i5 the distance between the centroids of the com-
pressive zone (assuming the rectangular stress block
shown in Fig. 4.13 and allowing for any compression
steel) and the tension reinforcement; clearly, z is the
lever arm and it 15 always computed for the case of
pure flexural action {even in the presence of thrust)

i =AS(bd)

b, is the minimum breadth of the web (see Fig. 4.3)

f.  is the characteristic strength of the tension rein-

forcement

by = min (b, +2h,, b, +2d) (see Fig. 4.3); (11 should be

noted that for a rectangular cross-section of width b,
-h.l = Ir.'-".l

Expression (4.1), in which the parameters entered must have
the dimensions of N andfor mm, can also be used for the
analytical description of the portion of the diagram in Fig. 4.2
representing type 1l behaviour. The position of any point within
the latter regime may be assessed by Interpolating linearly
between the two end points of the portion corresponding o type
111 behaviour (points 2 and 3 in Fig. 4.2). The assessment of the
positon of these two points is relatively simple, since the co-
ordinates of point 2 are a,/d=2 and M. which is obtained from

[

e, Lo
bs
Fig. 4.3, Paramelers

b, by ond d, used in
eguctions (4.1} =
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Fig. 4.4, Aszeszment of
foad-carrving capacily
af beam with rype IV
befaviour
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the joint between horizontal and inclined members of the
“frame’ for type IV behaviour, the rules for type Il
behaviour can be taken to apply for both, two-point and
uniformly-distributed loading, thus extending these rules to
the range a/d<1 and (equivatently) L/id<4 respectively.

b} Considering that the tension reinforcement yields before
the load-carrying capacity of the horizontal element is
attained (which 15 an input design aim}, the amount of
longitudinal reinforcement required is assessed by the
equilibrivm condition of the horizontal actions,

fe) Brittle failure is prevented when the vertical component of
the compressive force carried by the inclined leg of the
frame” is greater than, or equal to, the external load. If
this condition is not satisfied, b is adjusted and the
procedure 1s repeated. (It should be noted that the depth of
the inclined leg 15 taken as equal to a3 (where a 15 the
shear span} as recommended in reference 4.1.)

Finally, it should be pointed out that the *frame’ models for
behaviour types Il Il and IV possess a honzontal member
imespective of load tvpe (two-point or uniformly-distributed
loaading ). The exceptions occur for behaviour types I and IV in
the limiting case of single-point loading, in which instance the
“horzontal” member shrinks (o the joint of the two inclined legs.
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4.2.3. Validity of
Sailure criteria

The investigation of the validity of the failure criteria proposed is
based essentially on a comparative siudy of predicted hehaviour
and experimental information on the load-carrying capacity and
made of failure of simply-supported reinforced concrete beams
with a wide range of geometne charactenistics and loading
condinons. Figures 4.5 to 4.12 depict the results of such a
comparative study using a large amount of experimental
information; Figs 4.5 w 4.7 also include typical predictions
stemming from the methods currently used for the design of
concrele siructures.

Figure 4.5 refers to two types of beam with a rectangular
cross-section and similar geometric charactenistics, with values of
the similitude ratio between | and 4. The beams are subjected 1o
two-point loading with a normalised value of the shear span (i.c.
shear span-to-depth ratio (a./d)) equal to 3, corresponding to type
Il behaviour. From the figure, it becomes apparent that both the
proposed failure criteria and the current design methods yield
predictions which cormrelate closely with the experimentally
established behaviour, the latter stemming from reference 3.2,

Figure 4.6 also refers to two types of beam, with the same
cross-section in respect of both the geometry (i.e. rectangular
shape, dimensions, reinforcement, etc.) and the guality of concrete
and steel. ™ The beams in Fig. 4.6(a) have a span of 60 m and
they are subjected to two-point loading with varying shear span.
Depending on the length of the shear span the beams may exhibit
either tyvpe II (for values of the shear span larger than 0-54 m) or
type Il behaviour (for values of the shear span smaller than 0-54
m) (see Fig. 4.2). On the other hand, the beams in Fig. 4.6(b) have
a span varying between 1-5 m and 6-0 m, subjected to a uniformly-
distributed load, and, except for those with a span smaller than
2-16 m which are characterised by type Il behaviour, exhibit type
Il behaviour (see Figs 4.1 and 4.2). From the figures. it becomes
apparent that the proposed failure critena yield predictions which
are significantly closer 1o the experimentally established
behaviour (as reported in reference 3.2} than the predictions of
current design methods. The superiority of the proposed failure
criteria become more evident with a reduction of both the shear
span, for the case of two-point loading, and the span, for the case
of uniformly-distributed loading.

This superiority of the proposed failure criteria (1.e. for type 11
and type 111 beams) becomes really striking for the case of beams
with a T-shaped section.””' Figure 4.7(a) indicates that, in
contrast with the predictions of the proposed failure criterion
which correlate closely with the expenimental behaviour, the
predictions of current design methods underestimate considerably
the experimental values. For the case of beams with a span of 2-6
m, the value of the load-carrving capacity prédicted by the code
is approximately 50% of that established by experiment for the
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case of two-point loading, and as low as 20% for the case of
multiple-point  loading {which 1s essentally equivalent 1o
uniformly-distributed loading).

Here, one must emphasise the significance placed by the
proposed failure crtenon for tvpe [1 behaviour on the shape of
the compressive zone which 15 completely ignored by current
design methods.”* The importance of the shape of the
compressive zone 15 related to the development of lateral tensile
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EF””"T'”“ of the  changes direction, which, for the case of type Il behaviour, is
N:Egg :ﬁ: located at a distance equal to 24 from the support. As indicated in
compressive-siress Fig. 4.7(b),>> the shape of the cross-section essentially dictates

trajectories™ the shape of the distribution of the internal compressive stresses.
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In fact, the distribution of the compressive stresses within the web
in the region close to the support has a sigmhicantly larger spread in
the vertical rather than in the lateral direction, whereas the larger
spread changes direction within the flange and becomes lateral in
the region of the beam bevond the cross-section located at a
distance egual o 24 from the support. Such a change in the
direction of the larger spread of the compressive stresses indicates
that, in the region of the cross-section located at a distance of
approximately 24 from the support, the compressive-siress
trajectories change direction not only in the vertical (as already
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discussed in section 3.2.5) but also in the lateral direction. Such
changes in the direction of the compressive-stress trajectories will
cause the development of transverse tensile stresses in both the
vertical and lateral directions.

The abrupt change in the lateral direction of the stress trajec-
tories may be smoothened considerably if a transition is formed
between the flange and the web, as indicated in Fig. 4.7(b). thus
reducing the size of the transverse tensile stresses in the horizontal
direction. The proposed failure criterion for type Il behaviour
allows for the dependence of the internal stress field on the shape
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of the beam’s cross-section, especially the beneficial effect of
tapering, and hence leads to a significant improvement of the
predictions of the load-carrying capacity of beams with T-sections.
Figures 4.8 1o 4.12 refer io deep beams, i.e. beams charac-
terised by type IV behaviour. The figures provide an indication of
the relationship between the predicted and experimental™***
values of the load-carrying capacity, together with predictions of
the mode of failure. From the figures, it becomes apparent that
the predicions of the proposed failure criterion are satisfactory
for all the cases investigated, in spite of the simphifications
incorporated in the proposed criterion summarised in Fig, 4.4,

For a cross-section with given geometry (i.e. given shape and
dimensions) subjected 1o a bending moment M, the longitudinal
reinforcement may be assessed such that the flexural capacity My
is at least equal to the acting bending moment M. The method of
assessment (which is slightly different from that incorporaied in
current codes with regard mainly to the intensity of the
compressive stress block, now taken equal w f.,, as a more
realisiic average valoe o allow for the effect of the tmaxial stress
conditions, rather than a value of approximately 0-85f.,, which is
specilied by most current codes) is described in Fig. 4.13.
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The figure provides a simplified descnption of the internal
actions developing at a given cross-section just before it fails in
flexure. From the figure, it appears that the compressive zone ol
the beam (horizontal element of ‘frame’ of proposed physical
model) may be considered to be subjected to a uniform stress
which vields a siress resultant equivalent to that corresponding to
the actual stress distnbution that develops due w the bending of
the beam. The intensity of the uniform stress block is taken equal
to the strength of concrete in wniaxial compression (), as
established from tests on cylinders with a value of the height-to-
diameter ratio between 2 and 2-5.""" Such a value of the stress
intensity, although larger by approximately 15% than that vsed
by current design methods, is still considered to be conservative,
since the expenmental information presented in Chapter 2
indicated that, owing 1o the triaxiality of the stress conditions,
the average stress that develops in the compressive zone of a
beam at its ultimate limit state in flexure 15 significantly larger
than the uniaxial compressive strength of concrete. Thus, the
larger “equivalent’” uniaxial strength proposed constilules an
attempt to compensate partly, and in a simple manner, for the
ignoring of unavoidable tnaxial-stress conditions which only a
complex three-dimensional finite-element analysis, such as the
one described in reference 1.10, can establish.

The compressive stress resultant, acting on the horizontal
element of the ‘frame’ of the proposed physical model, is
C = bxifeyifv:). while the tensile force sustained by the
reinforcement is T=A,(f,/v), where x is the depth of the
horizontal element (compressive zone of beam), o is the distance
of the centroid of the longitudinal steel bars from the top face of
the member, A, is the area of the cross-section of the bars, f, is
the characteristic strength of the reinforcement, and .. =, are the
partial safety factors for concrete and steel respectively. The



110 ULTIMATE LIMIT-STATE DESIGN OF CONCRETE STRUCTURES

4.2.5. Assessment
of transverse
reinforcement

equivalence between internal and external actions yields the
following equations:

Cl=bx {fo v ) = T[= A )] (4.2)

My=0Cz (4.3)

where = =d—w/2 15 the distance between the points of application
of C and T.

By replacing in the latter of the above equations (i.e.
4.3) C = bal(ffve) e 4.2), My =My, and 2= d—x/2, a quadratic
equation in x is obtained which vields

x=d {1+, /1= [29eMy/(bfeyd®)]} (4.4)

As x<d, omly the minus sign has physical significance. Moreover,
if 29 My (bfey1d”)> 1. b and d must be reassessed so that 27.My/
{bf.y1d”) becomes smaller than 1.

Having established the value of x, eguation (4.2} yields the
value of T, which then enables the calculation of the amount of
reinforcement to be obtained from the expression A, = T, /..

For behaviour of types 1l and 1L transverse reinforcement may
be used in order to prevent failure from occurring before flexural
capacity is exhausted. In all other cases, a nominal amount of
transverse reinforcement 15 deemed sufficient for sustaining
tensile stresses of the order of 1 MPa (which, in most cases, is
somewhal more conservative than the value specified in current
codes).

As discussed in section 3.3, the most likely mode of failure of
beams characterised by type Il behaviour involves the near-
horizontal splitting of the compressive zone of the beam in the
region where the path of the compressive stress resultant changes
darection (1e. the separation of the *frame’ from the remainder of
the ‘comb-like” model in the region of the junction of s
horizontal and inclined elements). Such a splitting 1s essentially
capsed by the veriical component of the inclined compressive
stress resultant that develops within the beam end (i.e. within the
inclined leg of the “frame’ of the proposed model), this vertical
component being eguivalent to the shear force acting n the
region of the change in the force-path direction, { As explained in
section 3.2.5, this can also be understood by viewing the ‘kink' in
the stress path as giving nise to an orthogonal force bisecting the
angle between the horizontal portion and the inclined leg of the
frame: that such a force s tensile is evident from the fact that it
tends to separate the compressive zone of the beam from the
cracked region below it}

The maximum value of the shear force that can be sustained
by concrete in the above region easily results from expression
(4.1). For example, the case of two point-loading (which also
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includes the case of single-point loading, as the latter may be
viewed as a two-point loading for which both loads are applied at
the same point), this maximum value is V.= M/Js, while for the
case of uniformly-distributed loading, the load that corresponds
to bending moment M. at the cross-section s=2d is g.=MJ
[d{L—24)] and, therefore, the wvalue of the shear force is
V.= M L—4dV|2d{L—2d)]., where M., in both cases is calculated
from equation (4.1).

Failure (before flexural capacity is exhausted) will occur when
M.<M; or V.<V; (where V; is the value of the shear force
corresponding to the flexural capacity My). This type of lailure may
be prevented by placing transverse reinforcement sufficient to
sustain the portion of Vi, in excess of V, that can be sustained by
concrete alone. If the characteristic strength of the transverse
reinforcement is f,. the amount of reinforcement required is:
Ay = (Vi = Vollfinf.). Such reinforcement is placed in the region
of the joint or junction of the horizontal and inclined elements of the
‘frame’ of the proposed physical model, uniformly distributed
within a length equal to the beam depth, and symmetncally situated
about the joint as indicated in Fig. 4.14(a). (Fig. 4.14(b) refers to
type Il behaviour, to be discussed subsequently.) In the remainder
of the beam it is deemed sufficient to place nominal reinforcement
capable of sustaining tensile stresses of the order of 1-0 MPa. Such
nominal reinforcement should be placed throughout the beam span
when M, >M; or V>V, and, hence, there is no need to specify
additional transverse remforcement in the region of the joint,
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As discussed in section 3.2.5, for the case of a beam subjected
up o two point loads, the causes of failure characterising type 1l
behaviour may be associated with the loss of bond between
concrete and the longiudinal remmforcement in the region of the
cross-section that includes a point load (see item {d} in section
3.2.5). (Such bond failure is only associated with type I behaviour
and, say, two-pont loading, since uniformly-distributed loading
results in simall shear forces throoghout much of the central span:
for more than two point loads, an equivalent uniformly-distributed
loading can be assumed but, if in doubt, a check for shear can
always be made for a (small) finite number of point loads.) Figure
4.15 illustrates a portion of the beam between cross-sections which
include two consecotve cracks, twgether with the inlernal actons
developing on these sections after the loss of bond.

The manner in which the loss of bond causes the change in the
immternal actions and leads tw the development of transverse
actions within the compressive zone of the element, as indicated
by o, in Fig. 4.15, is described fully in section 3.2.5 and Fig. 3.8
of the preceding chapter. An assessment of the value of the
transverse tensile stresses, in excess of those that can be sustained
by concrete alone within the compressive zone of the element,
may be made by following the steps described below (refer also
to Fig. 4.15).

fa) Calculate the increase Az of the lever arm z of the internal
actions C =T at the right-hand side of the element. From
the equilibrium condition Va=TAz resulis Ar= VaT,
where V= V-V, (with V; being the design shear force
and V. =M_/s the shear force sustained by concrete
alone). and o= w2 is a value derived on the basis of the
experimental data of reference 3.2 {with x, as indicated in
Fig. 4.1, being the depth of the compressive zone).
Having established Az, the depth (x,) of the compressive
zone at the right-hand side of the element is easily found
to be xy = 2d—z—Azh

k)
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(e} The mean compressive stress at the right-hand side of the
element is given by o, =C/bx;). (This assumes a
rectangular stress block or a rectanglar approximation to
more complex stress blocks (as in T-beams in which the
compressive zone also includes trapezoidal or stepped
shapes); stiictly, of course, (bx, ) should be replaced by the
actual area of the new compressive zone.)

(d) For o, =fy (where f, is the maximum value of the
average compressive stress that can be developed in the
compressive zone), o, can only be developed in the
presence ol a confining transverse stress o, which may
be estimaled on the basis of the triaxial strength envelope
Elf FIE 1'1| S Teond ::"Tcl _.uﬁ:_'.'l:l'rsll :

fe) The confining pressure o, r. s¢t up on the right-hand side
of the element as a result of local dilation there, is
provided by the adjacent concrete (o its left. As explained
i section 2,321, the dilating region induces tensile
stresses in the restraining region. The mean value of this
transverse tensile stress o, which develops at the upper
left-hand side of the element is o, = a4

After the value of the average tensile stress has been
established. bevond that that can be sustained in the transverse
direction by concrete alone, the amount of reinforcement
required to sustain it within a distance d (within the shear span)
from the point of application of the point load is given by
Ay =a bdlif,Jv,). However, it is suggested, as ‘good practice’,
that this distance o (over which the strmups should, in theory,
suffice} be extended by placing this flange reinforcement
throughout the horizontal member of the ‘frame’ within the
shear span while also extending it within the flexure span to a
distance o from the cross-section at which the point load acis.
Clearly, the stirrups in the compression zone of the beam must be
distnbuted across the beam's width so that the usual vertical
stirrups runming through the beam's depth are ineffective
(especially in the case of flanges of T-sections). Moreover, if
such distributed reinforcement 15 confined to vertical legs,
horizontal splitting would be prevented while the wvertical
sphitting would only be delayed but not prevented, with the
result that, although significant ductility might be achieved, the
full flexural capacity will not be reached. All this suggesis the
need to reinforce the compressive zone/flange of a beam with
hoop sticrups so that the tensile stresses resulting from triaxial
dilation perpendicular to the direction of principal compressive
stress are fully taken up in both horizontal and vertical directions,
thus enabling the member to attuin its full flexural capacity.
(Note that no confining role is intended by using hoop stirrups, as
the spacing required for effective confinement would be much
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closer than that presently needed for simply catering for tensile
slresses. |

As discussed in section 3.3, failure characterising type i
behaviour is attnbutable to the reduced strength of the compressive
zone of the uncracked portion ol the beam (i.e. the honzontal
element of the ‘frame’ of the proposed model) adjacent to the
region of the change in the path of the compressive stress resultant
(i.e. adjacent 1o the region of the joint of the horizontal and inclined
members of the ‘frame’). This strength reduction, which 15 due to
the deep penetration of the inclined crack closest to the support into
the compressive zone (see Fig. 3.1}, results in a reduction of the
beam's flexural capacity.

The beam’s load-carrving capacity may be imcreased to the
value corresponding to the flexural capacity by uniformly
distributing transverse reinforcement within the whole length of
the horizontal projection of the inclined leg of the “frame” (see
Fig. 4.14(b)} (i.e. of the horizontal projection of the inclined
crack closest to the support (see Fig. 3.17). Figure 4,16 depicts the
portion of the beam in Fig. 3.1 enclosed by its left-hand end-face,
the deepest inclined crack closest to the support, and the cross-
section of the horizontal element with the reduced strength. If it is
assumed that the transverse reinforcement is at vield, then the
total force that can be sustained by such reinforcement is
T =Af /7)) which acts in the middle of the length a of the
portion considered. For the equilibrium of this portion,
Ra—T, (af2)—Te=0, where M.=T: and M;=Ra, winle T, 15
the force which must be sustained by the transverse
reinforcement for the flexural capacity of the cross-section at a
distance a from the support to increase from M, to M, As a
result, T, = 2{M; = M Va (and, for two-point loading, a=a,), and
thus the total amount of reinforcement required to sustain this
force 1s A, =T Af/7.). In other words, while the codes
recommend stimups to complement the shear capacity in the shear
span (lcading, in the case of two-point loading, to V,=Vi—V¥_.=
{M—M_Va (where, again, @ = a,)), the present approach concen-
trates on the deleterious effect the shear crack has on flexural
capacity (making M. < M;) and, to offset this, proposes the intro-
duction of stirrups to compensate for the reduced cross-section
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4.2.6. Design
procedure

moment. as shown above, for the case of two-point loading, this
requires twice the amount of transverse reinforcement
recommended by codes. For the case of uniformly-distributed
loading, 1t 18 easy to show that, while the code requires
T =2 (M43 M_VL, the present approach demands almost four
times this force (and hence stirmip reinforcement), the actual
value being T, =8{34M—M.VL. (The factors 4/3 and 3/4
appear because the flexural capacity refers to the midspan of the
peam and not the ‘cntical” (cross-section at a distance a=[L/4
from the support.)

The design of a reinforced concrete beam involves, on the one
hand, the selection of materials {concrete and steel) of a suitable
quality, and, on the other hand, the determination of the geometric
characteristics (i.e. shape and dimensions) of the member,
inclusive of the amount and location of reinforcement, required
for the beam to have a given load-carrving capacity and ductility.
However, the selection of the guality of the materials is
independent of the proposed methodology, since the underlying
theory 15 vahid for the whole range of material qualities available to
date for practical applications. Also, out of the geometric
characteristics, the span of the beam may be considered as known,
since 1t results directly from the overall structural configuration
adopted. Hence, the design of a simply-supported reinforced
concrete beam involves essentially the determination of the cross-
sectional charactenstics {i.e. shape and dimensions) of the member
together with the amount and location of the reinforcement.

Beanng in mund the above, the information presented in
sections 4.2.1 to 4.2.5 may be incorporated nto the following
design procedure which comprises six steps:

{a} Preliminary assessment of geometric characteristics. This
may be carried out by following current design practice as
described in reference 2.4, For example, with the
exception of deep beams (ie. beams characterised by
type IV behaviour), the cross-sectional depth (d) is taken
approximately equal o L2, where L is the beam span,
while the web width (b, ) of the cross-section is given a
value between df3 and 2473, (For a rectangular cross-
section, & =105,.) For the case of deep beams, the beam
depth 15 such as to satisfy the condition L/2d< 1, which
defines deep-beam behaviour, while the widith may be
taken initially to be egual to L24.

(h) Calewlation of dexign bending moment and shear force.
With the applied load and the beam span known, the
bending-moment and shear-force diagrams may be easily
constructed. The design bending moment and shear force at
‘critical” cross-sections are obtained from these diagrams,
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‘laboratory” beam under two-point loading, symmetrical with
respect to the mid cross-section. The behaviour of the beam was
established experimentally,”® the aim being that of verifying the
validity of the proposed methodology.

The beam was constructed by using concrete with a
charactenstic strength in umaxial compression f.=26 MPa,



118 ULTIMATE LIMIT-5TATE DESTGN OF CONCRETE STEUCTURES

lomgitudinal steel bars with yvield stress f, = 560 MPa, and stirrups
with a yield sress f, =450 MPa. All safety factors were taken
equal to 1. In the following, the design procedure described in the
preceding section is applied in order to calculate the amount of
reinforcement required for the beam to have a load-carrying
capacity equal to 2P=2x91 =182 kN.

Design actinns
Figure 4.17 depicts the diagrams of the internal actions
corresponding 1o a load-carrying capacity of 182 kN. The
values of the design bending moment (M) and shear force
{ Vq) obtained from the diagrams are 72-8 kKNm and 91 kN,
respectively.

Longiiudingl reinforcement

A preliminary assessment of the amount of longitudinal
reinforcement required may be made by assuming that the
lever arm of the longitudinal internal actions is
:=0-85 x d=204 mm (with 4 assumed at d=240mm).
As the flexural capacity 15 given by My =T:=A, f.:=M,
(see Fig. 4.18), it follows that A,=My/(f,2)="T2 BN
(560 % 204) =637 mm”. Such a value of A, is equivalent to
2dia. 20 (=628 mm°) which are placed so that ther
geometne centre is Jocated at a distance equal 1o 50 mm
from the extreme bottom fibre of the cross-section (as
implied in the 4 value assumed above).

Verification of adequacy of reinforcement. For 2 dia. 20,
the total tensile force sustained by the two bars 15 T=028
s 560=351680 N. Since T=C=A_a., where A_ is the
cross-sectional area of the compressive zone (see Fig. 4.18),
A, =Clr =351 68026 = 13 526 mm”. For the given shape of
the cross-section, the depth of the compressive zone is x =76
mm, while its geometric centre is located at a distance equal
1o = 3d mm. Hence, 1= 240 — 34 =206 mm and My =T: =
351 680 = 206 = 72400000 (Nmm)=T2-4 (kKNm), the latter
value being very close to the design value M;=72-8 kNm.

Physical model

For the case of two-point loading, the position of the joint
of the horizontal and inclined elements of the ‘frame’ of
the model depends on the value of g /d. Since a./d =80/
240=3.33>2, the beam is characterised by type [l
behavionr and, hence, the distance of the joint from the
support is equal to 2d=2 x 240 =480 mm (see Fig. 4.19).

Transverse reinforcement
For type Il behaviour, expression (4.1) gives M. =33-62
kNm which results in V.=MJs=MJa, =42 kN. The
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transverse reinforcement required in the region of the
loint” in order (o sustain the shear force V.= V-V.=
49 kN is A, = VJf,, =49 000/450 = 109 mm.” (Note that,
although V. is computed at s=a,, the same shear force
acts at the jont of the "frame’ in the case of two-point
loading.) Such reinforcement is equivalent 1o two two-
legged stirrups dia. 6 (=113-04 mm~) which, as described
in section 4.2.5, 15 placed within a distance of o
(=240mm) symmeirically located with respect to the
Yjoint,” as indicated in Fig. 4.20.

Transverse reinforcement may also be required within
the compressive zone of the shear span in the region of the
poant foad in onder to sustain the tensile stresses thal
develop as a result of failure of the bond between concrete
and the longitudinal reinforcement (see section 3.2.5).
Following the procedure descnibed in section 4.2.5 and by
reference to Fig. 4.15, the reinforcement reguired is
determined by assessing the following parameters:

Az = Ve /(2T) = 49000 = 76/{2 = 351 680) = 5 mm
Xy =2d -z~ Az)=2x (240 — 206 — 5) = 58 mm
oo %= Cf{bxy ) = 351680/(200 = 58) = 30-3MPa
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(note that, here, the use of (b)) constitules an approxi-
mation (o the shightly non-rectangular stress block
implicit in x; =55 mm)

I'T-||n|'= I:'rr.;.t _jrl-.‘| ]Iu'l.j — |:3D3 - Eﬁ'{}l‘_{"ﬁ‘ —_— nﬂ"ﬁ MF-E.

(s

Ty = —Ogaf (COMpression = + ve)
Ty = mbd = —10:86 x 200 x 240 = —4]1 2R0kN
Ay = 41 280/450 = 92 mm?

Two two-legged stirrups dia. 6 (2 dia. 6=113-04 mm™)
are placed within a distance of 240mm (=) from the
point load within the compressive zone of the shear span
of the beam, as indicated in Fig, 4.20. The figure shows
that, in addition, this stirup arrangement is then extended
a further distance so as to cover the whole length of the
horizonial member of the ‘frame” within the shear span, as
suggested in section 4.2.5: there, it was also proposed that
an extension inte the flexure span of o be made, whereas
Fig. 4.20) shows a somewhat closer spacing near the point
load (Bmm instead of 120mm) but a slightly shorter
extension (20 mm nstead of 2J40mm}) because this
particular beam was designed at a time when the present
design methodology was still being developed.'® Within
the portion of the beam where the proposed model does
not specify transverse reinforcement, a nominal number of
stirrups  is uniformly distributed sufficient to  sustain
tensile stresses of the order of 1| MPa, the vertical stirmup
type adopted having the same size as the rest of the bars
(see Fig. 4.20). From the expenmental results provided in
reference 1.8, it can be seen that the beam exhausted its
flexural capacity, with the predicted value of the load-
carrying capacity (181-8 kN) being only 10-4 kN smaller
than the experimental valoe (1%92-2 KINJ; in Fact, the beam
failed by vertical splitting of the compressive zone along
the longitudinal axis {as shown clearly in Fig. b} of
reference 1.8) as the hornzontal legs of the flange
reinforcement were not continuous throughout the flange
width {see Fig. 4.20).

i} Beam of type [l behaviour

Figure 4.21 tllustrates the geometric characteristics of a beam
with type [II behaviour (iL.e. with the valoe of a/d between 1 and
2}, under a single point load applied at mid-span. This beam is
one of the members which were used to investigate the behaviour
of beams with u,ff.f{:l” The beam was constructed with a
concrete with f.=42-4 MPa, six longitudinal bars with a total
tensile force capacity T,=3546 kN, and five two-legged stirrups
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Fig. 4.21. Design
details and position of
point load for the
Beaw with fvpe Tl
hehaviowr
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with a total tensile force capacity T, =162 kN, In the following,
the proposed methodology is used to predict the mode of failure
and the load-carrying capacity of the beam by using the physical
model also shown in Fig. 4.21. Note that the single-point loading
precludes the formation of a finite horizontal member of the
‘frame’ as explained at the end of section 4.2.2 (other instances of
this will also be given later). An indicanon of the validity of the
methodology is obtained from the comparison between predic-
tions and experimental values.

Figure 4.22 depicts the internal actions which develop a the
mid cross-section of the beam exhibiting a flexural mode of
fatlure. Assuming safety factors equal o 1, the equilibnum
conditton C=7, where C=5hf . =8480x and T=346000 N,
vields a depth of the compressive zone x=04 mm, and thus the
lever arm of the couple of the longitudinal internal actions
(C=T is r=d=-x2=535-32=503mm. The moment of this
couple yields the beam's flexural capacity My =Cz=Tz=546x
0-503=274-64 KNm.

Failure of the beam may also result from the reduction of the
depth of the compressive zone owing to the extension of the
mchined crack which 15 deeper than the flexural cracks. (The
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Fig. 423, Design
details and position of
porind liad for the
beam with epe IV
Belurviour

ignored by the design method employed, as reference 4.7 does not
provide any information on strain hardening. Had strain hardening
been allowed, the design calculations would have yielded a higher
value of M; and, hence, a higher value of M, since, as indicated in
equation (4.1), M, is a function of My. As a resuli, the predicted
value would be closer to 1is experimental counterpart. )

{c) Beam of type IV behaviour

The deep beam (with a./d~1) in Fig. 4.23 15 one of the specimens
of the experimental programme relerred to in the preceding
example™ and it is used to verify the validity of the proposed
design method for beams of type IV behaviour, deseribed in Fig.
4.4, The beam was constructed with a concrete with £, =26 MPa
and six longitudinal bars with total tensile force capacity of
b6x114 =684 KN. In the following, the proposed method is used
to predict both the load-camrying capacity and the mode of failure
of the beam.

As deseribed in section 4.2.2, the load-carrving capacity of the
beam depends on the compressive strength of the weakest
element of the ‘frame’ of the model in Fig. 4.24, (It should be
noted that, for the reasons given in the previous example, there is
no fimite horizontal member o the frame model.) From the
figure, the depth x of the cross-section of the *horizontal’ element
{in this instance, of course, the latter i1s made up entirely of the
Junction’ in the ‘frame’} is obtained from the equilibrium
condition C=T, where C=bxf.=200x26x =5220x and
=684 000 N assuming all safety factors equal to 1; thus,
r= 131 mm. With x known, the lever arm of the couple of the
lomgitudinal internal actions C=7T is =d-x2=050-131/
2=884mm. The condition Ra,=Tz. where R is the reaction
(R=FP/2, where P is the wotal applied load), vields the value
R=V,={zfa, )T=(0-884/10} x 684 000 =605 kN which
corresponds to fmlure of the “honzontal’ element of the ‘frame’
of the beam model.

1000 |

250
1000
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4.3.2. Fallure
Criferio

4.3.3. Assessmeni
of reinforcement

4.3.4 Procedure for
checking shear
capacity

A companson of the physical models depicted in Figs 4.1 and
4,25 indicates that there is no gquahtative difference between RC
and PSC beam behaviour at the uliimate limit state. As a result,
the dingram of Fig. 3.9, which describes the relation between
load-carrying capacity and the geomeiric charactenstics of RC
beams without transverse reinforcement. may also be assumed to
describe the behaviour of PSC beams without stirrups. However,
as in most practical sitwations a PSC beam has a span
significantly larger than that of an RC beam, with the larger
portion of the applied load acting at a relatively large distance
from the supports, the beam behaviour is vsually of type I or 1L

To this end, and as for the case of reinforced concrete, the
load-carrying capacity of a PSC beam may be calculaied (a) from
the llexural capacity of the “critical’ beam cross-section, for the
case of type | behaviour, and (b} from expression (4.1), which
describes analytically portion Il of the diagram of Fig. 3.9, for the
case of type I behaviour. An extensive venfication of the
validity of the predictions of expression (4.1} for the case of PSC
beams has been the subject of recently published research
work,

However, owing to the prestressing, the compressive stresses
which develop within the end regions of the beam, i.e. within the
inclined elements of the ‘frame’ of the model, are significantly
larger than those developing in the comesponding regions of RC
beamns. Such stresses may lead to failure before the flexural
capacity of the beams is exhausted. Such premature failure may
be prevented by checking the compressive strength of the
inclined elements of the ‘frame’ as described in Fig. 4.4 for the
case of type IV behaviour (see section 4.2.2), but subject to the
change proposed in section 4.3.4{c) below,

The assessment of longitudinal reinforcement may be made as
described in the literature referring o PSC structures,*™ "
while the transverse reinforcement which may be reguired for the
case of type Il behaviour may be assessed, with the slight
modification described below, as already descnbed in section
4.2.5 for the case of RC beams. The modification involves the
calculation of the shear force which acts at the beam cross-
section through the “joint” of the horizontal and inclined members
of the ‘frame” for the case of uniformly-distributed loading. As
the joint lies at a distance & from the support {(instead of 2d, as for
RC members), which is calcelated from expression (4.3), the
shear force 15 now given by Vo=MJ{(L-2h)}[L—k)], obtained
by replacing 24 by & in its counterpart in section 4.2.5,

The design of a PSC beam for flexural capacity (i.e. selecting
sultable materials and cross-sectional charactenstics, and
assessing the longitudinal reinforcement and prestressing force
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required for the beam to have a given flexural capacity and
structural  performance under service loading conditions) 1

carried out as described in the pertinent bibliography.

459411 In

what follows, a procedure for checking shear capacity is
proposed, mming o prevent any type of falure before the
flexural capacity of the beam s exhausted. This procedure
comprises the following steps.

(e

{f)

fc)

e}

(&)

Construction of physical model. As for the case of RC
beams (see Fig. 4.1), it 1s evident from Fig, 4.25 that the
shape of the physical model of the PSC beam 1s given.
What is required is the position of the connection between
the horizontal and inclined members of the ‘frame® of the
model. This position can easily be defined by wsing
expression (4.2} so as 10 determine the centroid of the
compressive zone. x,. which defines the position of the
horizontal member.

Assessment of flexural capacitv. At the ulomate limit
state, there is not any qualitative difference in behaviour
between RC and PSC beams. As a result, for given
geometric charactenistics, longitudinal reinforcement, and
muaterial quality, the assessment of fexural capacity (see
references 4.9-4.11) essentially involves the calculation
of the depth, x, ol the horizontal element of the “frame” of
the physical model shown in Fig. 4.25. (It should be noted
that the assessment of flexural capacity uses the simplified
compressive stress block proposed in Fig. 4.13.) With x
known, the lever arm of the imternal longimdinal actions 15
obtained from 7 =d=(x/2), and the flexural capacity is
given by M =T:.

Assessment of design shear forces. The design shear
forces are those corresponding to the flexural capacity of
the beam.

Assessment of transverse reinforcemeni. Transverse
reinforcement may be required mainly in the region of
the joint of the horizontal and inchned elements of the
‘frame.” For the case of point loading, additional
transverse reinforcement may also be required within
the compressive zone in the region of such point loading
to counter possible bond loss. Such reinforcement is
assessed as described for the case of RC beams in section
4.2.5.

Checking of load-carrving capacity of inclined leg of
‘frame” of model The load-carrying capacity of the
inclined leg, which is subjected essentially to the resultant
of the effective prestressing force and the reaction acting
in the direction of the leg. may be calculated as described
in section 4.2.2 except that, whereas for deep beams
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433, Example of
shear-capacity
checking

a < d, for PSC members a wsually exceeds d so that in
checking the strength of the inclined leg in PSC beams the
depth of this inclined leg should be limited to &/3 instead
of a3, such an approach is approximate (especially when
the inclined leg of the “frame’ crosses the rectangular end
block in T-beams) and, while appearing to be conservative
(see subsequent example), further research is needed to
refine this rough guideline. If the acting force is found to
be larger than the calculated strength valee, the width of
the beam should be increased so that the fundamental
condition applied action < strength is satisfied.

Figure 4.27 shows the geometric characieristics and the
reinforcement details of a PSC beam which has been one of
the specimens whose behaviour was mvestigated in a research
programme concerned with the verification of the validity of the
proposed design method.*® The figure also shows the loading
arrangement used in the research programme. The beam was
constructed with a concrete with f.=44 MPa, tendons with a
maximum sostained stress £, = 1900 MPa and total cross-
sectional area A,=205-4mm", and transverse reinforcement
comprising bars with dia.l-5 and having a vield stress f,, =460
MPa. The long-term prestressing force was F.=236-49 kN, while
all safety factors were taken equal 1o 1.

Flexural capacity

The equation C=A_f. =T, where A, is the cross-sectional area of
the compressive zone '.a;nd T=Apf=390260 N, yiclds
A.=300260/44 = 8870 mm~ and x=A,/b=8870/200 = 44 mm.
Hence, the lever arm of the internal longitudinal forces is
z=d-(x/2)= 218 mm, while M,=Tz=390260x 218=85 x 10°
Nmm =85 kNm {see Fig. 4.2¥).

Diagram of design shear forces

Equating the bending moments, with respect to the mid cross-
section of the beam, of the applied point loads and the reaction at
the left-hand side of the beam with the beam’s flexural capacity
yields the value of each of the point loads {comesponding to
flexural capacity} as P=1562 kN, with the reaction being
R =3P =46-86 kN. With these values of F and R, the shear-force
diagram 15 as indicated in Fig. 4.29. From this diagram, the
design shear force, within the portion of the beam between the
support and the point load closest to it is Vi=46-86 kN,

Physical model

Although the beam 15 subjected to six-point loading, the present
case 15 treated as two-point loading since, as indicated in Fig. 4.30,
the six loads are applied in the middle portion of the beam,
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symmetrically about the mid-span cross-section, with the
remainder of the beam comprising two large shear spans, each
of length a, = 1357 mm. The location of the joint of the horizontal
and inclined elements of the *frame’ 15 found from expression
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Fig, 4 28, Assessment

af Rexvral capacity ef
the beam in Fig, 4.27
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{4.5) o be A=1100 mm. As h<a,, the beam should be
characterised by either type 1 or type Il behaviour depending on
whether M. >M; or M_.<M; respectively, with M. being
calculated from equation (4.1} and My being the flexural capacity.

Assessment of transverse reinforcement

With s=a,= 1357 mm (two-point loading), equation (4.1) yields
M.=48-25 kNm (< M), from which the shear force that can be
sustained by concrete alone at the cross-section through the point
load closest to the support is obtained from V.=M_./s=48.25/
1-357 = 35-56 kN < Vy=46-86 kN. Hence, the transverse reinforce-
ment (A, ) required to sustain the shear force Vi—V.=11-3 kN, i.e.
Ao = (V= VoL, = 11 3000360 = 24-56 mm*. The need for such an
amount of reinforcement is satisfied by uwsing 8 two-legged
dia. 1-5 at 34 cc over a length =240 mm, symmetncally placed



132 ULTIMATE LIMIT-STATE DESIGN OF CONCRETE STRUCTURES
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about the cross-section through the joint of the horizontal and
inclined elements of the “frame’; the beam in reference 4.8,
however, was designed while the present design methodology was
evolving and, hence, Fig. 4.3 shows that this reinforcement
around the joint was extended w0 twice the actual distance
required.

Owing to the point loading, transverse remnforcement may also
be required in the compressive zone of the shear span of the beam
in the region of the point load, in order to sustain the intemal
tensile actions which develop in this region when the bond
between concrete and the longitudinal steel bars is destroyed (see
section 3.2.5). Following the procedure described in section 4.2.5
and, by considering the equilibrium of the beam element between
two consecutive flexural or inclined cracks for which there is no
bond between the concrete and the longitudinal reinforcement
(see Fig. 4.15), the amount of transverse reinforcement required
results from the assessment of the following parameters:

o the increase Az of the lever arm  of the internal longitudinal
actions at the right-hand side of the clement 18 Az=
(Vi = Volx/(2T)={11-3 = 44)/{2 »x 390-26) == 1 mm;
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=  the depth of the compressive zone in the right-hand side of
the element is xy=2{d-z-Az)=2 = [24D-2]18-1) =
42 mm,;

+ the nominal compressive stress at the nght-hand side of
the element is oy = C/{bx) = 390260/ (200 x 42) =
46-46 MPa> 44 MPa:

# the transverse nominal confining pressure (o0, at the
rght-hand side of the element, which allows o>, is
Feant =0T =1 W5 = {46-46—44)/5 = 0-49 MPa;

» the transverse nominal tensile stress at the left-hand
side of the element is numerically equal to 7. e
|"T1| = |'-"r|.-n||r'|~'

# the transverse reinforcement required to sustain =, within
a unit length of 1 mm is A,, = 100abf., =0-40 [00x
2000460 =21.3 mm*/dm.

Links dia. 1-5—2—20cc (this time, with the horizonial legs of
the hoop strrups continuous, see detail in Fig. 4.31) should be
placed in the compressive zone within a length of the order of
240'mm adjacent to the lefi-hand side of the point load closest to
the support {although, in the actual beam, which was designed
before the present methodology was finalized,™ this length was
shorter), as well as extending it w the right of the point load, as
mdicated in Fig. 4.31, in order o allow for the loss of bond
throughout the length where the shear force is considerable (i.e.
beyond the second point load from the support).

Throughout the rest of the beam, nominal stimups (two-legged,
dia. 1-5 at 10ce) were provided capable of taking rensile stresses in
the 40 mm web of the order of (-5 MPa. This is a lower figure than
the nominal 1 MPa adopted subsequent to the work in reference 4.8,
in an attemnpt to make the design methodology more conservative,

The experimental resolts provided in reference 4.8 indicate
that the transverse reinforcement designed by using the above
method proved capable of preventing any type of failure
occurring before the attainment of flexural failure. The load-
carrying capacity established experimentally, 6 = 1541=92.5
kN, was found 1o be practically equal to the predicted value of
6x15-62=93-T2 kN.

Checking of load-carrving capacity of inclined leg of

‘frame” of model

The acting force on the inclined leg is C,=/P: + R =
V3502752 + 2195-86 = 241 kN, whereas the maximum sus-
taned force, calculated as descrnibed in sections 4.2.2, 4.3.2 and
434 is Co=mby (diNf=40={24/3) =44 = 140-8 kN. Although
there 1s an apparent need to increase the width of the web, the
fact that the beam attained the full flexural capacity shows that
the present simplified criterion for checking the strength of the
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4.4. Skeletal
structural forms
with beam-like
elements

4.4.1. Physical

maodels

inclined leg of the “frame’ can be conservative (especially in the

suflficient expenimental data, it is recommended to use the pro-
posed criterion which, in a design sitwation, would have resulied
in an increase of by to about 7O mm,

The application of the design methodology presenied in the
preceding sections can be exiended not only o structural-
concrete members other than simply-supporied beams but, also,
te more complex structural configurations comprising beam-like
elements. Examples of the use of the model in Fig. 4.1 for the
case of wvarious types of structural-concrete members are
illustrated in Figs 4.32 and 4.33, while Fig. 434 presents a
characteristic portion of a more complex structural configuration
whose modelling is also based on the model of Fig. 4.1,

Figure 4.32 shows that a cantilever, subjected to a point load
near its free end, may be designed as a simply-supported beam
under a single point load applied at its mid cross-section. since
the boundary conditions at the fixed end of the cantilever are
similar to conditions at the mid-span of a simply-supported beam.
Similarly, a structural concrete wall under horizontal loading,
being essentially a cantilever beam, may also be designed by
using the proposed methodology. In fact, the application of the
proposed methodology to the design of structural concrete walls
was found to yield safe and efficient design solutions, " in spile
of the considerably smaller amount of transverse remnforcement
required in comparison with that specified by current codes.

Figure 4.33 depicts a reinforced concrete beam fixed at both
ends, such as, for example, the beam coupling two structural walls.
Such a beam, as for the case of the cantilever of Fig. 4.32, may also
be designed by using the proposed methodology: the beam can be
divided into two portions extending between the beam’s fixed ends
and the point of contraflexure, each of them essentially functioning
as a cantilever. In this case, however, the design method must be
complemented so as to allow for the design of the connection of the
two ‘cantilever’ beams. The connection may be modelled as an
“internal support” effected within a length equal to the beam depth
d and symmetrical about the point of contraflexure, where the
‘free” end of the one cantilever supports {or is supported by) the
‘free’ end of the other cantilever. The “internal reaction” which
develops in such a support is equivalent to the shear force acting at
the cross-section through the point of contraflexure.

Assuming that concrete is capable of sustaining the portion
(V) of the ‘internal reaction” (shear force) which corresponds to
a nominal tensile stress of fi=1 MPa acting over the length 4 of
the “internal support” (ie. V. =f bd), placing links in sufficient
guantity to sustain the remainder of the shear force acting at such
an ‘internal support” has been found 1o yield a satisfactory design
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solution. Such links are placed within a length equal to
twice the beam depth (2d), symmetrically located about the point
of contraflexure (thus doubling the extent of the region of
contraflexure and the total amount of transverse reinforcement
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Fig. 434, Phyvsical models of {a) a continwous beamt and (B) a portion of a franie

through such an in-built safety measure). If concrele 15 capable of
sustaining the full shear force, a nominal number of links is
placed, within the same length (i.e. 2d), capable of sustaining
tensile stresses of 1 MPa.
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4.4.2. Design
procedire

4.4.3. Design
examples

The method described above for the application of the
proposed design methodology is indicative of the manner in
which this methodology may be applied to the design of any
structural form comprising beam-like members. As indicated in
Fig. 4.34, any frame-like structural configuration may be divided
into  portions spanning between [wo consecutive points of
contraflecture. Each of these portions may then be considered
equivalent to a simply-supported beam, while the connections of
these portions may be designed as “internal supports’, which has
been already described for the instance of the beam with fully-
fixed ends shown in Fig. 4,33,

The sizing of any structural concrete configuration with beam-
like members may be carried out as described in section 4.2.6 for
the case of a simply-supported beam. With the geometric
charactenstics  given, structural analysis yields the internal
actions in the form of bending-moment. axial-force, and shear-
force diagrams. From these diagrams, the bending-moment
diagram s used for locating the points of contraflexure, so as
to identify the portions of the structure between sets of two
consecutive such points: these portions of the span can then be
modelled as for the case of the simply-supponted beam depicted
in Fig. 4.1. As described in the preceding section, the connection
of two consecutive portions of the structure may be considered as
an internal support which is effected with the provision of
transverse reinforcement in a quantity either nominal, for the case
where concrete is capable of sustaining the total ‘internal
reaction’ (shear force) acting at the point of contraflexure, or
sufficient to sustain the portion of the “internal reaction” in excess
of that that can be sustained by concrete alone.

The design examples Prer-;-enmr] in the following have been taken
from publications® """ concerned with the verification of the
validity of the proposed methodology. The design was based on the
assumption that bond failure is unlikely to occur for the rectangular
cross-sections considered (this i1s based on past experimental
evidence, and it could also be argued that stress concentrations are
less likely to occur in rectangular cross-sections than in T-shaped
ones) and under the monotonic loading conditions imposed on the
structural forms investigated: hence, no attempt was made 1o assess
transverse reinforcement capable ol sustaining the tensile stresses
that develop in the compressive zone due 1o bond failure., The
results obtained from the experimental investigation of the
structural forms designed to the proposed method also verified
the validity of the above assumpiion. However, in general (bu
especially for T-sections and for the case of loading histories
mvolving large load reversals), it is considered unsale o ignore the
likelihood of bond failure.
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Fig. 4.35, Design
derails and loading
arrangemenis for the
simply-supporied
beam with an
overfang

fa) Simply-supported beam with overhang

Figure 4.35 presents the geometric characteristics of the beam,
together with the reinforcement detailing and the loading
arrangement.*'* The beam was constructed by using a concrete
with f.=30 MPa, longitudinal reinforcement with yield and
maximum stresses equal to f, =600 MPa and f, =870 MPa
respectively, and transverse reinforcement with a yield stress of
fyw=240 MPa. Using a value of 1 for all safety factors, the
beam’s flexural capacity was calculated by using the full stress—
strain curve of the longitudinal steel bars, which was available in
reference 4.14, and was found to be M;=3341 kNm. For the
loading arrangement indicated in Fig. 4.35, the above value of
My yields a loading-carrying capacity (total load) of 4P =133-64
kN, leading to the bending-moment and shear-force diagrams
indicated in Fig. 4.36. These diagrams were used to design the
transverse reinforcement required to prevent any type of failure
from occurring before the attainment of flexural capacity.

The physical model, which, in compliance with the procedure
described in section 4.4.1. is compatible with the bending-
moment diagram of Fig. 4.36(b), is depicted in Fig. 4.37. The
figure indicates that the structure comprises two ‘simply-
supported” beams forming between consecutive points of “zero
bending moment” and interacting at the point of contraflexure
(defined by the zero bending moment of the diagram in Fig.
4.36ib)) in the manner described in section 4.4.1. Each of the
above *simply-supported’ beams (one of them, with no horizontal
member to the frame model for reasons explained at the end of
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Fip. .37, Phvsicol
masded of the Beam in
Fig. 4.35
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reinforcement which, for f,, =240 MPa, is A, =116 = 1071240
=48-33 mm® (2dia. 4 two-legged stirrups) and A=
2401 = 10°/240 = 100-04 mm* (4dia. 4 1wo-legged stirrups),
placed within a length of J=200mm symmetncally about
locations 1 and 2, respectively.

The right-hand side ‘simply-supported” beam is also subjected
to point loading, the point load being the reaction at the nght-
hand support of the ‘real” beam, while the supports are the point
of application of the external load acting at the overhang and the
‘internal reaction” at location 5. The shear spans of this beam are
i,y = 230 mm < 2d { = H mm) and g4 =400 mm = 24 = 400 mm),
both being charactensed by type I behaviour. For locaton 3,
M.3=30-T87 kNm (corresponding to a/d=1-15} 15 obtained by
linear interpolation between My=33-41 kKNm (comesponding o
a,fd=1) and M. = 15923 kNm {corresponding to a, /d =2), while
for location 4, M_;= 15923 kNm resulting from expression (4.1)
for s=2d=400mm. Both M and M, are larger than their
design  counterparts, Mys=Mu=13-36 kNm, respectively,
indicated in Fig. 4.36(b). and. hence, only nominal reinforcement
15 required which is assessed so as w be capable of sustaining a
tensile stress of 1 MPa per unit length of the beam. i.e. for
S =240 MPa, A pomina = 1000 = 100 = 1/240=416-67 o/
(=dia. 4 two-legged strmups at 60 mm cc) which 18 more than the
amount provided (dia. 4 two-legged stirrups at 100 mm cc) and
found sufficient for preventing brittle failure. (The amount of
nominal reinforcement provided was calculated so as 1o sustain a
tensile stress of 0-5 MPa instead of the value of 1 MPa
recommended in the present book.) A similar amount of nominal
reinforcement is also placed throughout the remainder of the
beam where the proposed model does not requare any checking of
the shear capacity.

At location 5 (“internal support’ developing over a length
equal 10 d=200mm symmeirically about the point of
contraflexure), the portion of the ‘internal reaction” sustained
by concrete alone (V. s) is assessed by assoming that the tensile
strength of concrete is | MPa. Then, V.e=1 = 200 = 100 =20 kN,
which, as indicated in the diagram of the shear forces in Fig.
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4.36(c), is smaller than the applied shear force Vyq=58-47 kN,
and, hence, transverse reinforcement A« is required in order to
sustain the portion Vis= Vs~V s=38.47 kN, in excess of that
that can be sustained by concrete alone. For f,, =240 MPa,
Ay =V If, =107 x 38:47/240=160.3 mm” within a length
d=200mm {i.e. 7dia. 4 wo-legged stirmups). Such an amount
ol reinforcement 15 placed over a length of 200 mm on both sides
of location 3.

The details of the transverse reinforcement assessed by using
the proposed methodology are shown in Fig. 4.35. The
experimental verification of the validity of the proposed design
methodology indicated that, although the amount of transverse
reinforcement placed was significantly smaller than that required
by current codes (see section 1.6}, the beam eventually failed, as
predicted. in flexure* '

(b)) Cantilever

Figure 4.38 provides the design details together with the testing
arrangement which induced a combined action of shear force and
bending moment at the ‘free” end of the cantilever.” "4 The
materials used for the construction of the cantilever were those
also used for the beam discussed in the preceding section. [t may
be noted in Figs 4.35 and 4.38 that both the simply-supported
beam and the cantilever had identical cross-sectional character-
istics and, hence, the flexoral capacity of the cantilever is that of
the beam, e, My =334]1 kNm.

Figure 4,39 shows the combination of the applied loads which
causes flexural failure together with the corresponding bending-
moment and shear-force diagrams. The physical model of the
structure, which, in compliance with the methodology discussed
m section 4.4.2, is compatible with the bending-moment diagram
of Fig. 4.39, is shown in Fig, 4.40, The figure indicates that the
structure comprises fwo ‘cantilevers’ extending between the top
and botiom ends of the structure and the point of contraflexure
{defined by the zero bending moment of the diagram in Fig.
4.39(b)}, where they interact in the manner described in section
4.4.2. Each of the ‘cantilevers” is modelled as a “hall simply-
supporied beam” n the manner described in section 4.4.1 (see
also Fig. 4.32), while the interaction of the cantilevers is effected
by the provision of transverse reinforcement, the function of
which, as indicated in Fig. 4.33, resembles that of an internal
support. (Recall the single-member instance in the frame model
when a,/d < 2, which presently is the case {a,/d = 2) lor the upper
‘cantilever’.)

It appears from the physical model in Fig. 4.40 that failure,
other than Hexural, may occur either at the locations of the joints
of the horizontal and wnchned elements of the “frames’ of the
model {i.e. locations | and 2} or in the region of the ‘internal
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With regard to the upper of the two ‘cantilevers” comprising
the structure, a,/d=400200=2 and, hence. the ‘cantilever’ is

characterised by type Il behaviour (see section 4.2.2 and Figs 4.1
and 4.2). In the absence of transverse reinforcement, the bending
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moment M. that can be sestained for such type of behaviour in
location 2, ¢an be oblained directly from expression (4.1) since
add =2 (see section 4.2.2). Equation (4.1) vields M. = 1602 kNm
which is smaller than its design counterpart My=22-27 kNm (see
Fig. 4.3%(b)}, and, hence, transverse reinforcement is required in
order (o increase the flexural capacity n location 2 by an amount
AM =M —-M_.. Ax described in section 4.2.5, such
reinforcement should be uniformly distmbuted throughout the
shear span a, (which, in the present case, is equal to the length of
the upper ‘cantilever' of the structure) and be capable of
sustaining a total tensile force T, =2AM/a, =2(22-27-16-02)
(4=31-25 kN, Hence, the amount of reinforcement required 18
An =Tl =31 2500240 = 130-21 mm* (i.e. 6dia. 4 two-legged
sitrrups) placed throughout the 400mm length of the upper
‘cantilever’ of the structure. In fact, Fig. 4.38 indicates that the
amount of transverse reinforcement placed in the above region
comprises T dia 4 two-legged sumups.

Assuming that the tensile strength of concrete is | MPa, the
shear force, sustained by concrete within a length o =200 mm in
the region of location 3, 18 Vo= 1= 200 100 =20 kN, which, as
indicated in the diagram of the shear forces in Fig. 4.39(c), 1s
smaller than the applied shear force Vy=55-68 kN, and, hence,
ransverse reinforcement A, is required in order 1o sustain the
portion V,=V,;—V.=3568 kN, in excess of that that can be
sustained by concrete alone. For f, =240 MPa, A, =V,/
foo= 10" 235.68/240 = 148-6Tmm” (ie. 6dia.4 two-legged
stirrups) within a length &=200mm. Such an amount of
reinforcement is placed over a length of 200 mm on both sides
of location 3, Le. a total of 12 dia. 4 two-legged stirmups, which is
shightly larger than the amount indicated in Fg. 4,38,

It may be noted in Fig. 438 that, although the regions
{associated with locations 2 and 3) requinng reinforcement
overlap, the amount of reinforcement placed in the overlap 15 not
the sum ol the amounts specified for locations 2 and 3 within the
overlap, but the larger of these two values.

Finally, it is interesting to note that, as for the case of the beam
discussed in the preceding section. the tests carried out on the
cantilevers revealed that, in spite of the smaller amount of
transverse reinforcement in comparison with that specified by
current codes (see section 1.5), the cantilevers eventually failed,
as predicted by the design method used, in flexore.™ '

() Continuous beam

Figure 4.41 provides the design details ogether with the testing
arrangement which was used to test to destruction a two-span
beam fully reported in the literature.* " The materials used for
the construction of this continuous beam were concrete with
fo=50 MPa, longitudinal compression and tension steel bars
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(2dia. 6) with cross-section A,=56-35 mm® and vield and
ultimate stresses f, =570 MPa and f,, =665 MPa respectively,
and stirrups with vield and ultimate stresses f,, =460 MPa and
fane =510 MPa respectively. In what follows, the proposed design
method is used 1o establish whether or not the amount of
transverse reinforcement adopted is sufficient to prevent the
occurrence of any type of brittle failure before flexural capacity
15 exhausted. (Note that the presence of compression rein-
forcement may, in principle, be allowed for in expression (4.1) by
the change in lever arm : between the resuliant tensile and
compressive forces at the relevant cross-section due to this
additional reinforcement. )}

Using safety factors equal to 1, the procedure descnbed in Fig.
442 yields the flexural capacity as My =305 kNm. Assuming
that collapse of the beam occurs owing to the formation of
‘plastic’ hinges, the elastic analysis of the beam indicates that
‘plastic’ hinges form at the locations of the internal support and
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at around the mid-spans of each of the two portions of the beam.
For such a failure mechanism. in which plastic hinges are
assumed to form at the internal support and at each of the two
mid-spans, the classic virtuwal-work equation for the idealized
plastic collapse mechanism yields P=6M; The predicted load-
carrying capacity (total applied load) of the beam, which
corresponds to the above value of the flexural capacity, is,
therefore, 2Pp.q=2 x 18:3=36-6 KN, while the value estabhished
experimentally is 2P, =2« 21-425=42.83 kN.

The deviation of the predicted value of the load-carrying
capacity from the experimental one should not be attributed
entirely to the method uvsed for the calculation of flexural
capacity. In fact, it is considered that the above deviation 15 doe
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and yield stress of one two-legged stirmup respectively, and n is
the total number of stirmups placed, within a length equal to the
beam depth, symmetrically about the location at which shear
capacity is checked. If s is the stirrup spacing, then n=4/s" + 1.

In accordance with the above, the shear capacity at location 1
15 V=V +V=Mola, +A,, f.m= 2-96/0-5 + 2(x1.5%141 460
# 2=359243-25=9-17 kN which, as indicated from the shear-
force diagram of Fig. 4.43, is larger that the acting shear force
found experimentally to be 7-14 kN, On the other hand, the shear
capacity at |IZ}I:."lt]{JI1 2is Vo= Vaa+ VoasMoalaa+ A, f =192/
(25 + 2(71-57/4) 460 x 3=7, E-S+4 88=12-56 kN which is,
again, larger than the design value of 12-2 kN. Although
Vo=12-56 kN was actually shightly smaller than the acting shear
force found experimentally to be 14-28 kKN, it did not lead to the
failure of the beam. This small additional hidden margin of safety
against a ‘shear” type of failure may be attributed partly to the
strain-hardening ol the transverse reinlorcement.

In compliance with the methodology described in section
4.4.1, concrete alone i the region of the ‘internal support’ is
capable of sustaining a force V.5 corresponding to a nominal
tensile stress of | MPa acting over the length & (=90 mm) of the
mternal  support, Le Vo= =50 < 90=4-5 Ir.]"u while the
contribution of the stirrups is V=06 = 2{x1.5° 14y 460 =9750
N=9T75 kN. Hence, the total force sostained at location 3 is
Viy=4-549.75=14-75 kN, which, as indicated by the shear-force
diagram (see Fig. 4.43(b)), is sufficien 1o sustain the acting shear
force at this location,

fd} Portal frame with fixed ends
Figure 4.44 shows the design details of a portal frame, designed
in compliance with the proposed method. A similar portal frame
was also designed to current code provisions'” for purposes of
comparison, The frame of Fig. 4.44 was one of the structural
elements tested mm an expernimental research programme con-
cerned with an investigation ol the validity of the proposed
methodology.*"* The frame was constructed by using concrete
with . =43 MPa, longitudinal steel bars (dia. 10) with vield stress
[, =360 MPa and ullimate strength £, = 680 MPa, and ransverse
reinforcement (stirrups) comprising wires (dia, 1-5) with vyield
stress fi, =460 MPa and ultimate strength f,, =510 MPa. It is
important o fole 10 the figure that the design details resulting
from the use of the prlajmaml method differ from those resulting
from the use of the code'” only in respect of the additional
transverse reinforcement specified by the proposed method at
locations marked as 152 and IS3 in Fig. 4.45(c).

The frame was designed by using the bending-moment and
shear-force diagrams depicted in Fig. 4.45, together with the
resulting physical model of the frame, providing the basis for the
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proposed methodology. With regard to the comer joints of the
portal frame, it should be noted that their design was based on
conventional methods (see reference 4.13) and, hence, will not be
discussed in what follows. The diagrams resulted from the elastic
analysis of the structure under the combined action of a vertical
load V=24 kN, acting at mid-span of the horizontal member of
the frame, and a horizontal load H = 20 kN, acting at the left-hand
end of the same member along its longitudinal axis. From the
design details depicted in Fig. 4.44 the flexural capacitics of the
horizontal and vertical members of the frame predicted by the
proposed design method are found to be 16:05 kNm and 13-67
kNm respectively.

Figure 4.46 depicts the (sequential) loading history intended
together with that actually achieved. The figure shows that the
intended first stage of loading was that actually achieved, i.e. the
frame was subjected to the action of V alone which increased to a
value of 24 kN. During the second stage of loading the intention
was for V to remain constant and equal to the value attained in the
preceding loading stage, while H increased progressively to
failure. However, it was established that, during this second
stage, V continued to increase such that AV/AH = 0-73 (0-23,
for the case of the portal frame designed to the code), where AV
and AH are the increments of V and H respectively during this
loading stage. The total values of V and H that eventually caused
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failure of the frame designed by the proposed method were 38-68
kN and 1995 kN, respectively, while the frame designed to the
code failed under the combined action of V=28.5 kN and #=2(}
kM.

Considering the case of the frame designed by the proposed
method, for the above values of V and H, the elastic analysis of
the structure shows that the formation of plastic hinges at the
ends of the right-hand side vertical member and at the mid-span
of the horizontal member of the frame is inevitable. Assuming
the formation of these three plastic hinges, a plastic analysis of
the frame can be carried out, resulting in bending-moment and
shear-force diagrams similar to the ones depicted in Fig. 4.47.
The latter figure, however, shows the actual experimental internal
actions at failure and also includes a schematic representation of
the comresponding physical model of the frame which differs
from the original one based on ‘internal-support’ locations cor-
responding to points of contraflexure obtained from elastic analysis
(rather than plastic analysis or experiment). The comer jonts,
which, as mentioned earlier, were designed by conventional
methods,*'* are treated as rigid bodies.

The adequacy of the transverse reinforcement provided may
be checked as described in the following for the specific cases of
locations 1, 2, and 3. As locations 1 and 2 hie within shear spans
i, larger than 2d=270mm, i.e. a, /d> 2, the shear force that can
be sustained by concrete at these locations may be established by
using expression (4.1) for the calculation of M_. They were found
o be V=M, /o, =13-44/0-74] = 18-14 kN and V..=M./
idys = 121940631 = 19-32 kN respectively, while the stirrups (at
both locations) sustain a shear force V,=V.=2irl 5%
45460 x 4 =6.50 kN. The values of the total shear capacity,
therefore, are V,=18-14+6-50=24.64kN and V,=19.32 +
650 =25-82 kN, against a value of 21-67 kN for the acting shear
force. At location 3, concrete sustains a shear force V=
1= 135 = 90=12-15 kN, while the stirrups sustain a shear force
Va=3ix 1.5%4) 460 x 6= 14-63 kN. Hence, the value of the total
shear capacity at location 3 is V= 12-15+ 14-63 = 26-T8 kN, against
a value of 21-67 kN for the acting shear force. As a result, there is
an adequate margin of safety against any type of failure
connected with the presence of a shear force at the locations
which were checked. The same conclusions can be drawn by
checking locations 4, 5, and 6 of the horizontal member, and
locations 7 and 8 of the vertical member. These calculations
vindicate the desirability of the amount and spread (over a length
of 2d rather than ) of the internal-support transverse
reinforcement so as to allow for possible shifts in contraflexure
points.

The difference in behaviour exhibited by the two frames tested
is apparent in Figs 448 and 4.49 which depict typical load-
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{h) SFD and
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deflection curves and crack patterns at failure respectively,
established experimentally for the two frames. Figure 4.4%
indicates that the frame designed to the proposed method
behaved in a very ductile manner (in fact, it did not suffer any
loss of load-carrying capacity throughout the duration of the test
which had to be stopped owing to excessive horizontal
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Fig. .50 Shear force
versis aial
CONRPrESSTOT
drteraction diggram
for the BC walls tested
{see reference 117)

Fig. 4.51 Load versus
deformarion response
of the RC walls resred

{see reference 117}

overestimated shear capacity, AASHTO LRFD*"7 yielded more
conservative as well as more accurate shear-capacity predictions.

From results of the experimental investigation reported in
reference 1.17, which are reproduced in Figs 4.50 and 4.51, it
appears that two additional interesting observations may be
made. First, for the particular stroctural forms investigated, Fig.
4.50 indicates that, in spite of the improved accuracy of the
predictions, AASHTO does not always yield a close fit to
experimental values (such is the case, for example, of wall
PC21), and, secondly, Fig. 4.51 shows that failure of the
specimens tested occurred in the middle portion of the walls, i.e.

Shear force V; kN

1200 10 - 20 mm bars
E#m'i'liii
/s R T L PO | -

16
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452A _'.'frilipfe'
structural
evaluation

Fig. 4.52 Details of the
geometry and loading
for the tricell wall 23
af the Sleipner 4
Matform (1ee reference
117

in the region of the point of inflection, due to the formation of
near-vertical cracking which occurred suddenly and inde-
pendently from the inclined cracking at the top end of the
specimen where current codes predict shear capacity to be
exhausted earlier than in other regions of the walls. (It should be
noted, however, that the mode of faillure may not accurately
reflect the causes of failure as it may also be affected by post-
failure testng effects.)

In what follows, it is intended to complement the findings of
reference 1.17 by demonstrating that the use of the concept of the
CFP not only may lead to close predictions of shear capacity, but,
also, it may provide a realistic description of the causes of failure.
The concept will be used to establish the ultimate limit-state
characteristics of both the structural wall elements indicated in
Figs 4.50 and 4.51 and the tricell wall component of the structure
which appears to have failed under the loading conditions
described in Fig. 4.52 (reproduced from reference 1.17), with the
ACI and AASHTO predictions being shown in Fig. 4.53 (also
reproduced from reference 1.17).

For the geometric characteristics shown in Figs 4.52 and 4.53, the
Mexural capacity of the end of the cross-section of the tricell wall
{taken as a one-metre wide strip of the (one-way spanning) wall),
in the presence of an axial force N satisfying the condition
N/V = 3.5 (where V is the shear force) imposed by the sinking
operation {(which also yields M /N = 208 mm, where M is the
moment), can be easily assessed from first principles using the
simplified stress block in Fig. 4.13 but allowing also for the
presence of an axial force. The flexural capacity (at the fixed-end
cross-section) is found to be Mg = 2692 kNM, corresponding to
a pressure of approximately 1688 kN/m? (at a depth of
approximately 168 m). These values were used in Fig. 4.54 o
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Fig. 4.35. CFP model
for the tricell wall

construct the internal-action diagrams of which the bending-
moment diagram was then used for drawing the physical model
of the tricell wall shown in Fig. 4.55. From the latter figure it can
be seen that the model compnises two end cantilevers, extending
to the theoretical position of the point of contraflexurefinflection
situated at a distance of ~925mm from the wall’s ends, and a
simply-supported beam covering the span between the
cantilevers and being supported by them through an “internal
support’ that, in the absence of transverse reinforcement, can
only be provided by concrete.

Failure of the wall other than flexural may occur at the locations
marked 1, 2 and 3 in Fig. 4.55. As discussed in section 4.4.1, the
contribution of concrete to the formation of the internal support
depends on the tensile strength of concrete which, for design
purposes, was recommended to be given a value of 1 MPa. Hence,
the total force that can be sustained by concrete in the region of the
point of inflection is fibd=1x1000x485=485kN which is
equivalent to the maximum value of shear force that can develop
at the point of inflection. From the shear-force diagram of Fig. 4.54,
such a value of shear force at the location of the point of inflection
corresponds 0 a shear force at the end of the wall equal 1o
~ B40 kN which develops under a pressure of ~ 400kN/m~ (i.e. at a
depth of ~40m). (It should be noted, however, that the value of
| MPa assumed for the tensile strength of concrete is a safe design
value adopted within the context of the CFP concept introduced in
this book. Under laboratory conditions the tensile strength of
concrete may be taken equal to 0-07f., where f. is the uniaxial
compressive strength of the material.*'® For f.=60 MPa,

L B3 2528 |
.| Simply-supportad Dﬂﬂ{_ |

:1 =
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4.5.3 Strength
evaluation of test
SPECIMens

fi=0407 % 60=4-2 MPa which cannot be relied upon even in the
presence of nominal reinforcement. )

As a,/d =925/485=191 <2 (indicating type I[II
behaviour) for the end cantilevers of the physical model of Fig.
4.55, the bending moment M, that can be sustained at location 2
(fixed-end cross-seéction) in the presence of both a shear and an
axial force can be assessed by interpolating expression (4.1) (but
using in the latter s, instead of 5) as descnbed in section 4.2.2. In
fact, equation (4.1} yields M. = 2100 kNm (< M;=2692 kNm)
which corresponds 1o AL = 10000 kN, V,.==2857 kN, and
pressure g, == 1395 kN/m”, i.e. failure at location 2 is predicied
to occur at a depth of approximately 130 m. On the other hand,
for the middle simply-supported beam of the model in Fig. 4.55,
for which [/Af=2528/485~=5.21 <8 (indicating type III
behaviour), M =2230 kNm which is larger than the value of
1346 kNm that can be reached at the middle cross-section of the
tricell wall at its ultimate limit state (see Fig. 4.54).

It would appear from the above, therefore, that the proposed
method predicts that failure of the tricell wall was likely to have
occurred al a depth as low as 40m doe to failure of concrete
(near-horizontal splitting parallel to the wall faces) in the region
of the point of intlection.

Figure 4.56 shows the design model of the wall elements which
were tested for purposes of investigating the causes of the
platform collapse, with the load paths used for the tests shown in
Fig. 4.50."'" In compliance with the presently proposed design
method, the load-carrying capacity of the wall elements subjected
o combined axial compression (V) and shear Torce (V) will be the
smaller of the values corresponding to the load-carrying
capacities of (a) the elements comprising the walls and (b) their
connection (see Fig. 4.56). For N/V = 2, calculations show that
the load-carrying capacity 15 dictated by the strength of the
connection (‘internal support” of the model in Fig. 4.56).
Assuming a value of the transverse tensile strength of concrete

L =0-07f. =0-07 = 48 = 3-36 MPa*'" (i.e. the uniaxial value

which is essentially independent of the axial compressive stress
7. perpendicular to it for values of the lamer up to about
0-8f.(= 0-B = 48 = 30 MPa), beyond which it progressively
reduces Lo zero attained for o :_,f:,"'”""1 " the load-carrying
capacity is that indicated in Fig. 4.57 which 15 a reproduction of
Fig. 4.50 but now including the values calculated in the present
contribution. (The value f = 0-07f., instead of the value of
| MPa recommended for design purposes, was selected in order
to assess the maximum, rather than a design, force that can be
sustained by concrete in the region of the point of inflection,
Such a value is considered to provide a realistic indication of the
iensile strength of concrete under laboratory conditions.) Note
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Fig. 4.56. CFP model
for the specimens
described in reference
117

el
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that the strength of the “connection’ remains constant unless the
compressive force becomes so large (i.e. o, > 0-8f that it
affects the tensile strength in the orthogonal direction: hence, the
strength of the ‘connection” progressively reduces to zero as N is
increased, For N /V < 2, the values of the load-carrying capacity
of the wall. also indicated in Fig. 4.57, comrespond to the shear
capacity of the ‘cantilever element’, the latter being established
by uwsing the failure criterion described in section 4.2.2. For
N/V = 2 (shown as 4:1, 6:1, etc), Fig. 4.57 indicates that the use
of the above failure criterion leads to predictions which lie
between the values of the shear capacity of the connection and
those of the wall load-carrying capacity corresponding to failure
due to combined axial compression and bending moment, the
latter values of load-carrying capacity also being included in the
figure.

Comparing the predicted with the experimetal values. it is
interesting to note in the figure that not only does the predicted
strength envelope fit very closely the experimental values, but,
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4.5.4 Concluding
remarks

4.6. References

and V. copg being the values of V. calculated by the CFP method
and the code, respectively, and -, the partial safety factor for the
reinforcement). It appears from the above, therefore, that although
(¥r — Veore) < (V5 — V. cope; (since, as indicated in Fig. 4.57, in
general V, cope < Ve cpe). the factor of 2 in the expression of
Ay cpe results in Ay, cpp > A cope for the case of structural
members charactenised by type 1 behaviour,

It is also important to note in Fig. 4.57 that, for walls PC19
and PC20, the CFP method and AASHTO wield similar
predictions of shear capacity (i.e. V. crp = V. cope). However,
while AASHTO specifies stirmups throughout the structural
member for the wall to attain its flexural capacity, the stirrups
assessed for the same purpose by using the CFP method are
required only in the region of the point of inflection with the
remainder of the wall being provided with only a nominal amount
of transverse reinforcement.

THE CFFP method yields predictions which provide not only a
close fit to the experimental values reported in reference 1.17,
but, also, a realistic explanation of the causes which led to the
experimentally established mode of fatlure of the wall specimens,
Outsude the range of the loading histories which were
investigated in reference 1.17, the predictions of the CFP concept
deviate significantly from the predictions of either of the codes
presently considered. Although the predictions of the CFP
method and AASHTO are similar for the shear capacity of the
walls PC19 and PC20, the amount of the stirrups specified for the
walls to attain their flexural capacity is significantly different,
with AASHTO specifying stirrups throughout the structural
member while the stirrups assessed by using the CFP method are
placed in the region of the point of inflection with the remainder
ol the wall requiring nominal stirrups.
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Ultimate limit-state design of

M.D. Kotsovos and M.N. Pavlovic

Structural concrete members often show great deviation in structural performance
from that predicted by the current methods. In certain cases the predictions
underestimate considerably the capabilities of a structure or member, while in others
the predictions are patently unsafe, as they overestimate the member's ability to
perform in a prescribed manner. Clearly, a rational and unified design methodology is
still lacking for structural concrete.

This book presents a simplified methodology based on calculations which are quick,
easily programmable and no more complex than those required by the current
codes. It invalves identifying the regions of a structural member or structure through
which the external load is transmitted from its point of application to the supports
and then strengthening these regions as required. As most of these regions enclose
the trajectories of internal compression action, the technique has been called the
‘Compressive-Force Path’ method.

Ultimate limit-state design of concrete structures will provide designers with a practical
and easily applied method for the design of a concrete structure, which is fully
compatible with the behaviour of concrete (as described by valid experimental
evidence) at both the material and structural levels.
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