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Preface

This book contains the papers presented at the 14th International Symposium on Tubular Structures (ISTS14)
held in London, UK, from September 12th to 14th, 2012. The Symposium, now regarded as the key inter-
national forum for the presentation and discussion of research, developments and applications in the field of
tubular structures, was organised by Imperial College London in collaboration with the International Institute of
Welding SubcommissionXV-E and theComité International pour leDéveloppement et l’Étude de laConstruction
Tubulaire (CIDECT). The 13 previous symposia, held between 1984 and 2010, are described in the “Publica-
tions of the previous symposia on tubular structures” section of this book. Throughout its 28-year history the
frequency, location and technical content of all the symposia has been determined by the IIW Subcommission
XV-E on Tubular Structures.
The Symposium was sponsored by CIDECT, Tata Steel Tubes, Vallourec & Mannesmann Tubes (V&M), s2

(space solutions) and Stalatube OY. It is their generous support that enabled the Symposium to take place and
made it possible to continue the tradition of allowing presenting authors of papers to attend the Symposium
without payment of registration fees.
A total of 95 technical papers, each of which has been reviewed by two international experts in the field,

are included in the proceedings. One of these papers relates to the invited ‘Kurobane Lecture’, given, at this
Symposium, by Prof. Xiao-Ling Zhao from theMonash University,Australia. Prof. Zhaowas selected by the IIW
Subcommission XV-E. The Kurobane Lecture is the International Symposium on Tubular Structures Keynote
Address which was inaugurated at the ISTS8 in 1998. The Symposium also featured a special session to mark
the 50th Anniversary of CIDECT, with structural and architectural contributions.
The editor would like to express his sincere gratitude to the reviewers of the papers for their hard work and

expert opinions. The editor also wishes to thank the international programme committee and the local organ-
ising committee. Particular thanks are owed to Katherine Cashell, Jeanette Abela, Ulrika Wernmark, Stephanie
O’Mahony and BettyYue for their much appreciated efforts.
The information provided in this publication is the sole responsibility of the individual authors. It does not

reflect the opinion of the editor, supporting associations, organisations or sponsors, and they are not responsible
for any use that might be made of information appearing in this publication. Anyone making use of the contents
of this book assumes all liability arising from such use.
The editor hopes that the contemporary applications, case studies, concepts, insights, overviews, research

summaries, analyses and product developments described in this book provide some inspiration to architects,
developers, contractors, engineers and fabricators to build ever more innovative and competitive tubular struc-
tures. This archival volume of the current “state of the art” will also serve as excellent reference material to
academics, researchers, trade associations and manufacturers of hollow sections in the future.

Leroy Gardner
Editor

Imperial College London
2012
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Hybrid hollow structural sections

X.L. Zhao
Department of Civil Engineering, Monash University, Clayton, Australia

ABSTRACT: This paper gives a summary of recent developments inHybridHollowStructural Sections (HSS).
They are in the form of: concrete filled HSS; concrete filled double skin HSS; FRP (fibre reinforced polymer)
strengthened HSS with/without concrete filling; FRP, concrete and HSS double skin sections. The existing
research, main findings and future work are presented.

1 INTRODUCTION

Different abbreviations were used in the literature to
describe various types of metal profile with a hollow
tubular cross-section, such as SHS for Square Hollow
Section, RHS for Rectangular Hollow Section, CHS
forCircularHollowSection,EHS forEllipticalHollow
Section, OHS for Oval Hollow Section and HSS for
Hollow Structural Section. The abbreviation “HSS”
is adopted in this paper to represent the general term
Hollow Structural Section.
HSS could be used together with other materi-

als to form hybrid HSS. For example, they could
be in the form of concrete filled HSS, concrete
filled double skin HSS, FRP (fibre reinforced poly-
mer) strengthened HSS with/without concrete filling,
FRP-concrete-HSS double skin sections.
There is an increasing trend in using concrete-filled

HSS in recent decades, such as in industrial buildings,
structural frames and supports, electricity transmis-
sion poles, spatial construction, high-rise or super
high-rise buildings and bridge structures (Zhao et al.
2010a).
It is well known that hollow structural sections

have many advantages over conventional open sec-
tions, such as excellent strength properties (compres-
sion, bending and torsion), lower drag coefficients,
less painting area, aesthetic merits and the potential
of void filling (Wardenier et al. 2010). Compared
with unfilled tubes, concrete-filled tubes demonstrate
increased load carrying capacity, ductility, energy
absorption during earthquakes as well as increased
fire resistance. For example, for a column with an
effective buckling length Le of 5m, mass of steel sec-
tion of 60 kg/m and concrete core strength of 40MPa,
the compression capacity increases about 50% due
to concrete-filling. The increase in rotation capac-
ity under pure bending due to concrete filling was
found to be 300% (Zhao and Grzebieta 1999). For
concrete-filled RHS subjected to large deformation
cyclic bending the failure modes changed from local-
ized cracking to an outward folding mechanism. The

fire resistance of unprotected CHS or RHS columns is
normally found to be less than 30 minutes (Twilt et al.
1996). Concrete filling can increase the fire resistance
up to 2 or 3 hours (Han et al. 2003a, Lu et al. 2010).
FRP (fibre reinforced polymer) has high strength

to weight ratio, resistance to corrosion and usually to
environmental degradation (Hollaway andTeng 2008).
While FRP has been widely used in strengthening air-
craft and more recently concrete structures (e.g. Teng
et al. 2002, Baker et al. 2002, Rizkalla et al. 2003,
Oehlers and Seracino 2004), it has not been widely
applied to steel structures.The knowledge of repairing
aircraft cannot be directly applied to steel structures in
the Civil, Offshore and Mining industry because the
materials used are very different. The existing knowl-
edge of CFRP-concrete composite systems may not
be applicable to CFRP-steel systems because of the
distinct difference between the debonding mechanism
of a CFRP-steel system and a CFRP-concrete system,
and the unique failure modes for steel members and
connections.
It has been shown (Hollaway and Cadei 2002, Zhao

and Zhang 2007, Schnerch et al. 2007) that FRP has
great potential to strengthen steel structures including
HSS. The benefit of using FRP together with hollow
structural sections is summarized in Table 1. It is clear
that FRP can improve the performance ofHSS in terms
of strength, ductility, energy absorption and fatigue
life.
The existing research, main findings and future

work on hybrid HSS are presented in this paper.

2 HOLLOW STRUCTURAL SECTIONSAND
CONCRETE

2.1 Concrete filled HSS

2.1.1 Existing research and main findings
2.1.1.1 General
The major research on CFST members and connec-
tions was summarized in CIDECT Design Guides
No.4 (Twilt et al. 1996), No.5 (Bergmann et al. 1995),
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Table 1. Improved performance of HSS due to FRP strengthening.

Configuration and FRP used
(Young’s Modulus) Improved performance Reference

CHS and RHS beams in
bending, CFRP sheet (from
50GPa to 270GPa)

• Increased moment capacity and ductility in general
• For circular hollow sections, slender sections
(which cannot reach first yield due to local
buckling) could become non-compact sections
(which can reach plastic moment capacity)

Haedir et al. (2009),
Photiou et al. (2006),
Seica and Packer (2007)

CHS and RHS columns in
compression, CFRP sheet
(230GPa) and GFRP
sheet (80GPa)

• Compression strength increases about 20% to 70%
if CFRP is used

• Compression strength increases about 5% to 10%
if GFRP is used

• Increased energy absorption under large
deformation compression force

Shaat and Fam (2006),
Bambach and Elchalakani
(2007), Teng and Hu (2007),
Haedir and Zhao (2011)

RHS subject to concentrated
forces through a bearing plate,
CFRP Plate (165GPa)

• Web buckling capacity of cold-formed
rectangular hollow sections (RHS) increases
about 1.5 to 2.5 times

• Web buckling capacity of aluminium RHS
increases up to 3.5 times

• Web buckling capacity of stainless steel RHS
increases up to 50%

Zhao et al. (2006), Wu et al.
(2012), Islam and Young
(2010, 2011)

RHS subject to concentrated
forces through a welded branch,
GFRP plate (12.4GPa)

Web buckling capacity increases about 50%. Fam and Aguilera (2012)

Welded VHS tubes in tension,
CFRP sheet (230GPa)

Recovered the full yield capacity, which was 50% lost
due to HAZ softening, of welded very high strength
steel tubes.

Jiao and Zhao (2004)

Welded aluminium K-joints under
static load, GFRP sheet (30GPa)
and CFRP sheet (79GPa)

• Recovered the full connection capacity of
aluminium K-joints if CFRP is used or about
80% connection capacity if GFRP is used.

• The retrofitted connection with GFRP
reinforcement achieved 1.17 to 1.25 times
the capacity of the welded aluminum
connection without any visible cracks.

Fam et al. (2006)
Pantelides et al. (2003)

Welded cross-beam connections
subject to fatigue loading, CFRP
sheet (230GPa)

Fatigue life extends to twice the original fatigue life. Xiao and Zhao (2012)

Welded aluminium K-joints
subject to fatigue loading, GFRP
sheet (30GPa)

The repaired connections exceeded the fatigue limit
of the aluminium welded connections with no known
cracks. The repaired connections with 90% of the
weld removed satisfied the constant amplitude fatigue
limit threshold.

Nadauld and Pantelides
(2007)

CFST columns, CFRP sheet
(65GPa)

• The static strength increased by 55% and 140%
when the number of CFRP layers was 2 and
4 respectively

• Increased ductility to resist cyclic loading

Xiao et al. (2005)

CFST columns, CFRP sheet
(247GPa)

Recovered certain compression strength of concrete-
filled tubes after exposure to fire

Tao et al. (2007a, 2008)

Hybrid FRP–concrete–steel
double skin columns, GFRP tube
(80GPa)

The local buckling of the inner steel tube is either
delayed or suppressed by the surrounding concrete,
leading to a very ductile response.

Teng et al. (2007)

No.7 (Dutta et al. 1998) and No.9 (Kurobane et al.
2005), Wang (2002), Nethercot (2003), Wardenier
et al. (2010) and Zhao et al. (2010a). A list of com-
prehensive references has been given in Zhao et al.
(2010a).A brief summary of the design of CFSTmem-
bers using different standards is given in this section

in terms of bending, compression, combined actions
and fire resistance.

2.1.1.2 CFST members in bending
The nominal moment capacity given in the fol-
lowing standards BS5400 (2005), AS5100 (2004),
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EC4 (2004), DBJ13-51 (2003) is based on simple
plastic theory although slightly different stress dis-
tributions are adopted. The difference in the nominal
moment capacities among the 4 standards mentioned
above is found to be less than 2.5% for some typi-
cal HSS and concrete (Zhao et al. 2010a). The design
capacity difference varies from 7% to 24%, which is
mainly due to different material property factors or
capacity factors adopted in different standards. The
nominal moment capacity for concrete filled CHS and
RHS beams can be estimated as follows:

where fy is the yield stress of HSS, fc is concrete
cylinder strength, d, D, B and t are defined in Figure 1.

2.1.1.3 CFST members in compression
Different standards (e.g. AIJ 1997, AISC 2010,
ACI 2002, BS5400, EC4, DBJ13-51) have differ-
ent approaches in dealing with the design of CFST
compressive section capacity, as shown in Table 2.
It was found by Zhao et al. (2010a) that the nominal

section capacity predicted byBS5400 is slightly higher
than those from AS5100 (2004), EC4, DBJ13-51,
whereas the difference in nominal capacities among
the other 3 standards is within 4% for some typical
sections. The difference between the design section
capacities varies from 1% to 20% among the standards
due to different material property factors or capacity
factors adopted in different standards.
For CFST column design the approach is very simi-

lar, i.e. section capacity (Ns) multiplied by a reduction
factor (ϕ).

Figure 1. Concrete filled Hollow Structural Section (HSS).

Different column curves are adopted in different
standards to determine the reduction factor ϕ which is
basically a function of column slenderness, except for
BS5400 where an extra reduction factor of 0.85 needs
to be considered. The column slenderness depends
mainly on the column length, boundary conditions
at column ends and yield stress. Some typical col-
umn curves are summarized in Zhao et al. (2010a).
The maximum difference in column design capacity
among the four standards mentioned above is about
10% to 20% for some typical sections.

2.1.1.4 CFST members subject to combined
bending and compression

The stress distribution in CFST members subjected
to combined bending and compression (also called
CFST beam-columns) has four typical cases corre-
sponding to various level of axial force versus the level
of bending moment. The four typical stress distribu-
tions determine four typical locations of the neutral
axis inCFSTbeam-columns,which in turn correspond
to the four key points (A, B, C andD) in the interaction
diagrams defined in Figure 2. The interaction diagram
for an unfilled HSS beam-column is also shown in
Figure 2 as a dashed line connecting points A and B.
The part CDB in the interaction diagram is unique for
CFST members due to the contribution of concrete.
Three straight lines (AC, CD and DB) are adopted

in Eurocode 4 to simplify the interaction diagram.
In DBJ13-51, a combination of a straight line (AC)
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Table 2. Design approaches for section capacity of CFST HSS.

Confinement
considered Concrete strength

Code Method (Yes or No) (Cube or Cylinder)

AIJ Superposition No Cylinder

AISC Equivalent steel section with modified yield stress No Cylinder

ACI RC method by converting steel tube into
equivalent “reinforced bars”.

No Cylinder

BS5400 Composite section with modified concrete strength Yes Cube

EC4 Composite section with modified concrete strength Yes Cylinder

DBJ13-51 Treat the whole section as one material with
modified stress

Yes Cube

Figure 2. Schematic view of interaction diagram.

and a curve (CDB) is adopted. In BS5400 it is spec-
ified that the maximum bending moment should not
exceed the ultimate moment capacity of CFST mem-
bers subject to pure bending. Therefore the interaction
diagram in BS5400 only consists of two parts (AC
which is a straight line for CFST RHS and a curve
for CFST CHS, and CB which is a vertical cut-off
line). The turning point C in EC4 and BS5400 has the
same value, whereas a different value is adopted in
DBJ13-51. DBJ13-51 also gives two separate interac-
tion diagrams, one for section capacity and the other
for member capacity in a non-dimensional format.
Design examples can be found in Zhao et al. (2010a).

2.1.1.5 Fire resistance of CFST columns
Three levels of assessment of fire resistance of unpro-
tected CFST columns were presented in CIDECT
Design Guide No. 4 (Twilt et al. 1995). Level 1 assess-
ment utilizes a simple design table to determine the
minimum cross-sectional dimensions, reinforcement
ratios and location of reinforcement bars to satisfy a
certain degree of utilization (μ) and fire resistance
(R30 minutes to R180 minutes). Level 2 assessment
utilizes the concept of a buckling curve for CFST

columns for different fire classes. It recommends a
buckling curve for given values of tube size, steel
grade, fire class, concrete grade and the amount of
reinforcement. The effective buckling length factor
of columns in braced frames is between 0.5 and 0.7
depending on the boundary conditions (Twilt et al.
1995). A conservative value of 0.7 may be used for
estimating the bucking length of columns on the top
floor and for the columns at the edge of a buildingwith
only one adjacent beam. The validity range of level 2
assessment can be summarised as follows: Fire classes
are R60, R90 and R120, Concrete grades C20, C30
and C40, CHS diameter d= 219 to 406mm and thick-
ness t= 4.5 to 6.3mm, SHS width B= 180 to 400mm
and thickness t= 6.3 to 10mm. Level 3 assessment
includes a complete thermal and mechanical analysis
with real boundary conditions.This is themost sophis-
ticated level. It requires expert knowledge and time in
handling necessary computer programs.
The preferred solution inChina to achieve sufficient

fire resistance is to use plain concrete-filled tubes with
external fire protection rather than using steel bar or
fibre reinforced concrete. The formulae in DBJ13-51
to calculate the thickness of fire protection materi-
als are based on the research by Han et al. (2003a,
2003b), which can be expressed as a function of fire
load ratio, fire resistance, perimeter of the column
and column slenderness. It was demonstrated by Han
and Yang (2007) that the protection thickness could
be reduced from 50mm (based on conventional code
for fire protection of steel columns) to 10mm (based
on DBJ13-51) for two high rise buildings: SEG Plaza
(291.6m in height) and Wuhan International Stock
Centre (242.9m in height) requiring 180 minutes of
fire resistance, due to concrete-filling.
An extensive research program was carried out in

North America on CFST HSS columns under fire
(Lie and Chabot 1990, Kodur and Lie 1996, Lie
and Stringer 1994, Kodur 1998, 1999), with three
types of concrete-filling, namely plain concrete, steel
bar-reinforced concrete and steel fibre-reinforced con-
crete.A formula was proposed (Lie and Stringer 1994,
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Kodur 1999) to calculate the fire resistance of CFST
columns as shown in Eq. (6).

where R is the fire resistance in minutes, f′c is the
specified 28-day cylinder concrete strength in MPa,
D is the outside diameter or width of the column in
mm, P is the applied axial load in kN, K is the effec-
tive length factor, L is the column length in mm and
f is a parameter that depends on the type of concrete
filling (plain, bar-reinforced or fibre-reinforced), the
cross-sectional shape (circular or square), the type of
aggregate (carbonate or siliceous), the percentage of
steel reinforcement (pr) and the thickness of concrete
cover. Values of the parameter f are summarized in
Table 7.5 of Zhao et al. (2010a).

2.1.2 Future work
The future work in CFST HSS is needed in the
following areas: (i) new materials such as stainless
steel tubes, high strength steel tubes filled with self-
consolidating concrete, geopolymeric recycled con-
crete and ultra high strength concrete (e.g.Uy2008, Lu
et al. 2009, Uy et al. 2011, Shi et al. 2012, Liew et al.
2012); (ii) new structural elements such as EHS, very
slender CFST columns, tapered CFST columns and
CFST fabricated section utilizing very high strength
steel tubes as corners (e.g.Yang et al. 2008, Zhao and
Packer 2009, Espinos et al. 2011, Han et al. 2010,
An et al. 2012, Mashiri et al. 2011); (iii) connec-
tions and frames (e.g. Kurobane et al. 2005, Nie et al.
2006, Herrera et al.2008, Han et al. 2008, 2009,Wang
et al. 2009); (iv) fatigue resistance of CFST joints (e.g.
Udomworarat et al. 2000, Gu et al. 2008, Tong et al.
2008, Mashiri and Zhao 2010); (v) earthquake fol-
lowed by fire (e.g. Song et al. 2012); and (vi) CFST
subject to impact and blast loading as well as progres-
sive collapse (e.g. Bambach et al. 2008, Fujikura et al.
2008, Remennikov et al. 2011, Qu et al. 2011, Kang
et al. 2012, Nethercot 2009).

2.2 Concrete filled double skin HSS

2.2.1 Existing research and main findings
Concrete filled double skin hollow structural sections
have four possible combinations of CHS and RHS as
the outer and inner tubes. Two examples are shown in
Figure 3.
Most of the existing research on CFDST has been

summarized in Zhao and Han (2006) and Chapter 9.4
of Zhao et al. (2010a).
The ultimate moment capacity of CFDST (MCFDST)

can be estimated using the sum of the section capacity
of an unfilled inner tube (Minner) and that of an outer
tube with concrete component, i.e.

where Mouter-with-concrete can be derived in a similar
manner as that for CFST, i.e. adopting simple plastic

Figure 3. Concrete filled double skin Hollow Structural
Section (HSS).

theory to find out the position of the neutral axis, then
adding the moment contribution of each force through
the cross-section. Formulae for MCFDST were given in
Zhao and Choi (2010) for four possible combinations
of CHS and RHS as the outer and inner tubes.
For CFDST sections in compression, local buckling

is delayed or eliminated, with a significant increase
in load carrying capacity and ductility compared with
those of the outer tube alone, as shown in Figure 4.The
section capacity of a CFDST can be estimated using
the superposition method; i.e. a sum of capacities of
the outer tube, inner tube and concrete.
For CFDST subject to combined bending and com-

pressive forces, the interaction formulae were derived
by Han et al. (2004),Tao et al. (2004).They are similar
to those given by Han et al. (2001) for concrete-filled
beam-columns. They were summarised in Chapter
9.4.2.3 of Zhao et al. (2010a).
If other conditions are kept the same, the fire

endurance of CFDST columnswas found to be slightly
better than tubular columns fully filled with concrete
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Figure 4. Typical behaviour of CFDST in compression
versus that of outer steel tube (adapted from Zhao et al.
2010b).

(Yang and Han 2008, Lu et al. 2010). This is mainly
because of the relatively low temperature in the inner
steel tube. Therefore the fire resistance of a CFDST
column could be conservatively estimated by treating
it as a CFST column.

Figure 5. Types of strengthening for Rectangular Hollow
Section (RHS) webs (adapted from Zhao et al. 2006).

2.2.2 Future work
The future work described in Section 2.1.2 for CFST
HSS equally applies to CFDST HSS with additional
references relevant toCFDST subject to dynamic load-
ing shown below: e.g. Nakanishi et al. (1999), Han
et al. (2006) and Corbett et al. (1990).

3 HOLLOW STRUCTURAL SECTION
MEMBERSAND FRP

3.1 CFRP strengthened RHS webs

Web crippling failure becomes critical at the loading
points or supports of beams where concentrated forces
are applied. Zhao et al. (2006) conducted a study on
FRP strengthening of cold-formed rectangular hollow
sections (RHS) subject to an end bearing force. Three
types of strengthening scheme were adopted as shown
in Figure 5.
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Figure 6. Typical load deformation curves for cold-formed
RHS 100× 50× 2 with various types of strengthening
(adapted from Zhao et al. 2006).

Typical load-deformation behaviour is presented in
Figure 6, which clearly demonstrates the increased
web crippling capacity and ductility.The main reasons
for the improved behaviour are the increased restraint
against web rotation and the change of failure mode
from web bucking to web yielding. Design formu-
lae were proposed (Zhao et al. 2006) to predict the
improved web buckling capacity, which are similar
to those for un-strengthened webs, but with reduced
effective length factor. Similar research was also con-
ducted on aluminium RHS and stainless steel RHS by
Wu et al. (2012) and Islam and Young (2010, 2011).
Recently Fam andAguilera (2012) carried out tests on
GFRP (glass fibre reinforced polymer) strengthened
RHS webs in a welded T-joint.

3.2 CFRP strengthened HSS in compression

Hybrid GFRP-CHS columnswere studied byTeng and
Hu (2007), whereas CFRP-CHS columnswere investi-
gated by Haedir and Zhao (2011). The “elephant foot”
buckling mode in CHS is delayed or eliminated by
FRP. More increase in ultimate load carrying capacity
was found with CFRP than that with GFRP.
Tests were carried out on hybrid CFRP-SHS

columns by Shaat and Fam (2006). Failure of
retrofitted SHS columns was via overall buckling fol-
lowed by secondary local buckling associated with
delamination and crushing of the CFRP. Bambach
and Elchalakani (2007) conducted quasi-static tests
on CFRP reinforced SHS under large deformation
axial compression.Multiple foldingmechanismswere
observed (see Figure 7) with an increased ultimate
strength and energy absorption. The FE work by Shaat
and Fam (2007) revealed that the axial strength of
CFRP-SHS columns is not sensitive to initial imper-
fection of SHS. Bambach and Elchalakani (2007)
applied a plastic mechanism analysis to reasonably
predict the unloading curves of such hybrid columns.

Figure 7. Typical failure mode of SHS and CFRP-SHS
subject to large deformation axial loading (Bambach and
Elchalakani 2007).

It should be noted that different combinations of longi-
tudinal and transverse fibreswere adopted in the above
studies.
The design of CFRP-SHS and CFRP-CHS columns

was presented in Bambach et al. (2009a) and Haedir
and Zhao (2011).

3.3 CFRP strengthened HSS in bending

Haedir et al. (2009) carried out tests on CFRP-CHS
beams in pure bending. Both longitudinal and trans-
verse CFRP sheets were applied. It was found that
the longitudinal CFRP layers contributed more to
the increase in moment capacity, whereas the hoop
layers played a more important role in restraining
or delaying the local buckling. Slender CHS could
become a non-compact CHS when strengthened by
CFRP. The rotation capacity of non-compact CHS
also increased significantly. Analytical models for
determining the ultimate moment capacity and for
predicting the moment-curvature response of CFRP-
reinforced steel CHS beamswere developed byHaedir
et al. (2011).The nonlinear model accounted for mate-
rial properties of the steel and CFRP, volume fractions
of the fibre and adhesive, amount of CFRP, and awider
range of section slenderness. Design rules for pre-
dicting the strength of composite CHS under bending
were also proposed (Haedir and Zhao 2012). Similar
work was done by Seica and Packer (2007), where
curing of the specimens was performed both in air and
in seawater. A slightly lower increase in the ultimate
moment capacity was observed for specimens cured
in seawater.
Photiou et al. (2006) conducted a study on CFRP

and GFRP strengthening of artificially degraded steel
RHS beams.The degradingwas done throughmachin-
ing the thickness of the tension flange. All the
upgraded beams reached the plastic collapse load of
the original undamaged RHS beams. It was recorded
that the steel beams can be deformed well into their
plastic regions. However it is difficult to quantify the
achieved rotation capacity since the non-dimensional
moment-curvature curves were not reported in the
paper.
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3.4 Future work

There is a need to conduct more tests to cover wider
ranges of parameters, such as steel tubular section
sizes, CFRP modulus, adhesive types and thickness.
There is a lack of detailed FE simulation of web buck-
ling with FRP strengthening (Fernando et al. 2009).
More research is needed to understand the behaviour
of FRP strengthened HSS subject to impact and blast
loading (Bambach et al. 2009b), as well as harsh
environmental conditions (Seica and Packer 2007).

4 HOLLOW STRUCTURAL SECTION JOINTS
AND FRP

4.1 CFRP strengthened welded VHS joints

There is a significant (up to 50%) strength reduction
in the HAZ (heat affected zone) of very high strength
(VHS) tubes after welding. Jiao and Zhao (2004)
investigated the behaviour of CFRP strengthened butt-
welded VHS tubes. Significant strength increase was
obtained for CFRP strengthened butt-welded VHS
tubes. The full yield capacity of VHS steel tubes was
recovered when the bond length reachedabout 50mm.

4.2 FRP strengthened aluminium CHS K-joints

Welded aluminumK-joints with different damage lev-
els (e.g. about 25%, 65% and 100% of the total welded
length) were repaired by using GFRP (Pantelides et al.
2003). The repaired joints with a damage level up to
65% reached capacities about 20% higher than those
without cracks,whereas the repaired jointswith a dam-
age level of 100% recovered 95 to 99% of the original
capacity. A similar study was carried out by Fam et al.
(2006) on using CFRP and GFRP to repair cracked
welded aluminum K-joints with a damage level of
90%. The full strength of the welded joints could be
restored if CFRP was used, whereas about 80% of the
capacity was restored by using GFRP.
Nadauld and Pantelides (2007) studied the fatigue

performance of GFRP-strengthened aluminium K-
joints with partially fractured branch-to-chord welds.
The repaired joints exceeded the fatigue limit of
the welded aluminium K-joints without damage. The
same type of K-joints with 90% of the weld removed
were repaired using GFRP. Such repaired joints sat-
isfied the constant amplitude fatigue limit threshold.
A cumulative damage index was established which
led to a fatigue reduction factor for the rehabilitation
design of cracked aluminum connections using GFRP
composites.

4.3 Future work

There is a need to develop strengthening techniques for
various types of welded HSS joints subject to fatigue
loading, such as cross-beam joints (Xiao and Zhao
2012), cast steel to HSS joints. Theoretical modeling
and numerical simulation are also necessary.

5 HOLLOW STRUCTURAL SECTION,
CONCRETEAND FRP

5.1 CFRP strengthened CFST

Xiao et al. (2005) studied CFST columns confined
by CFRP at critical locations to avoid plastic hinges,
hence soft storey behaviour, under earthquake load-
ing. A gap (made with 1-mm-thick soft foam tapes
affixed on the surface of the steel tube) was intro-
duced between the CFRP and the tubular column to
delay the engagement of the CFRP, to achieve both
increased strength and ductility. The work on using
CFRP to strengthen CFST SHS and CHS columns is
still very limited although attemptsweremade by some
researchers (Tao et al. 2007b, Sun et al. 2008, Park et al.
2010). Research has been undertaken (Tao et al. 2008)
to determine the effectiveness of using FRP compos-
ites to repair damaged CFST columns, particularly for
damage due to fire exposure. These results revealed
that CFRP gave reasonable repair for specimens with
a low level of exposure to fire.

5.2 Hybrid double skin section

Teng et al. (2007) developed a hybrid FRP–concrete–
steel double-skin tubular column (see Figure 8 for
an example). The test results confirmed that the con-
crete in the new column is very effectively confined
by the two tubes and the local buckling of the inner

Figure 8. Schematic view of FRP-concrete-steel double
skin section, e.g. CHS FRP as outer tube and steel CHS as
inner tube (adapted from Teng et al. 2007).
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steel tube is either delayed or suppressed by the sur-
rounding concrete, leading to a very ductile response.
When such hybrid sections are used as beams, the inner
steel tube could be shifted towards the tensile side (see
Figure 8(b)). Such beams were found to have a very
ductile behaviour. The GFRP tube enhances the struc-
tural behaviour by providing both confinement to the
concrete and additional shear resistance.

5.3 Future work

More tests are needed on FRP-CFST columns and
FRP-concrete-HSS hybrid columns with wider ranges
of parameters. There is a need to develop analytical
models, numerical simulation and a design guide for
such hybrid sections under static and dynamic loading
(Shan et al. 2007).

6 CONCLUSIONS

This paper has presented a summary of recent devel-
opments in hybrid hollow structural sections (HSS)
in the form of: concrete filled HSS; concrete filled
double skinHSS; FRP strengthenedHSSwith/without
concrete filling; FRP, concrete and HSS double skin
sections.The benefits of hybridHSS include increased
strength, ductility, fire resistance, energy absorption
and fatigue life. The existing research, main find-
ings and future work for each type of HSS have been
described. A comprehensive list of references in this
field has been given.
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ABSTRACT: The aesthetics of tubular structures are a major contribution to their architectural image, but
as designers strive for a heightened spatial enlightenment, designs are requiring ever more complex structural
solutions and high standards in their elements and components. New designs are helped by combinations of
intelligent detailing, by the application of computerized 3D design, by engineering improvements in materials,
by fabrication techniques and by assembly procedures. More attention is now paid to the integration with other
components of the building, such as roof cladding, glass façades, panelled walls, climate installations, etc. The
building as a technical artefact becomes increasingly complicated in its making and in its functioning. In the
last decades Western European architectural ideas have been received with high expectations around the world.
The computer and the internet have changed the behaviour and potentialities of architects. In earlier days it were
books only to stimulate getting acquainted with foreign architecture, assisted by glossy magazines. The internet
sites have even accelerated this. But the core of the developments is forced by design in tubular structures.When
seen over a longer period, certain changes are apparent.

1 1991 STANSTEDAIRPORT TERMINAL
BUILDING, NORMAN FOSTER

The design of the Stansted Airport Terminal build-
ing is overwhelmed by the spreading arms of the roof
structure, which is based on 36 modules in tubular
structure. The outside modules are standing trees of
tubular structure, which keep up intermediate roof
modules of the same size that are connected along
their edges. The 4 spreading arms carry the perime-
ter of a tubular triangulated framework shell visible as
a vaulted ceiling. During the construction the 4 arms
were held together by ties, which are connected in a
very crucial joint, on the site called the ‘Jesus joint’.
The primary tubular structure module is concentrated
on ground level of the terminal in 4 CHS columns,
welded in a majestic framework, which penetrates the

Figure 1. Stansted Airport, London.

lower stories through voids. The roof structures are
clad inmetal, but the tops are covered in glass to obtain
overhead daylight of the terminal space, softened by
perforated metal sheeting. The large overhead volume
gives the building the feeling of one unifying space
with smaller activities.

2 1991 AIRPORT PASSENGER TERMINAL
STUTTGART, GERKAN, MARG UNDER
PARTNER

The sloped roof of this terminal building is supported
by a forest of steel trees, which are composed of circu-
lar tubes in a tree-like arrangement of stems, thicker

Figure 2. Passengers Terminal, Stuttgart.
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and thinner branches that finally hold up the roof. The
structure is characterised by welded intermediate steel
castings to make a streamlined and natural transition
from the smaller tubes into the thicker tubes and finally
into the lower stems.

3 1992 ELALAMILLO BRIDGE, SEVILLE,
CALATRAVA

The prominent harp-like suspension bridge by Santi-
agoCalatravawas built for theOlympic games of 1992
in Barcelona. The bridge was held up by 13 guy cables
attached to the prominent andpurposemade steel tubu-
lar section.The actual counterbalance to the cables and
loads from the deck and cables is formed by filling the
steelmastwith concrete.Mainly the upper half acts as a
counter ballast. Dutch architect Ben van Berkel would
later (1996) design a similar cable stayed bridge in
Rotterdam, the Erasmus bridge or ‘The Swan’, which
is more facetted in form, made as a purpose made
hollow section and instead of deadweight the counter
balance was brought by two mayor stabilising cables
at the back.

4 1993 WATERLOO INTERNATIONAL
TRAIN TERMINAL, LONDON,
NICOLAS GRIMSHAW

Thehigh speed terminal train station nears the centre of
London was designed by Nicolas Grimshaw as a large
urban shed and inaugurated in 1993. The form the the
structure had to follow the rails, which are in London
partly historic and partly quite condensed and unavoid-
able curved in plan. In cross section the structure is a
truss with three pins. The left truss has a suspended
cladding, the other half an upper cladding. Cladding is
in metal decking and glass. The form of the roof circu-
lar in planwith a large radius and the cross sectionwith
many different corners resulted in a construction sys-
tem that had flexibility in form to allow for all possible
geometrical deviations. Recently the Eurostar ceased
to frequent Waterloo.

Figure 3. El Alamillo Bridge, Seville.

5 1994 KANZAI AIRPORT TERMINAL,
OSAKA, RENZO PIANO, OVEARUP

This airport in an densely populated urban area has
been built on an artificial island, of which the under-
ground was expected to deform considerably. This has
been taken into account in the engineering plans of
layout, schemes and details.
The architect’s plan for a long building and over-

viewable terminal volume resulted in a king-size hall
where departure and arrivals are separated horizon-
tally. The tubular steel structure in an elegant arched
form hovers over space. The structure itself has ele-
gant details, some of them were made in cast steel and
welded.
The three-dimensional trusses govern space, and

between them are ceiling membranes in a similar
shape, which lead the flow of air through the volume.
The details of the building have been set on rubber
bearings. Other precautions were taken as compen-
sations against earthquakes. The Kobe earthquake of
1995 did no damage at all and the terminal complex
emerged unscathed.

Figure 4. Waterloo station, London.

Figure 5. Partial façade Kanzai Airport.
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6 1996 NEUE MESSE LEIPZIG, GERKAN
MARG UND PARTNER, IAN RITCHIE

A 90 meters span tubular structure in which the main
trusses span in the 90m span direction above the glass
cladding below. The cladding is suspended via tubular
purlins in 2 directions from which the spiders are con-
necting the laminated clear glass panels. The height of
30m caused a natural flow of air to ventilate as a chim-
ney through space. Lower entrance ventilation, upper
ridge exhaust ventilation.

7 1997 FREMONT STREET EXPERIENCE,
LAS VEGAS, JON JERDE

A glass clad regular space frame in the form of a cylin-
drical barrel vault that easily could have span with the
space frame alone.
The lower chord of the space frame has been

enriched with a light penetrating sun screen, which
unifies the space frame, takes the technical charac-
ter down a bit. One wonders why tubular columns are
at all positioned underneath a cylindrical space frame
vault? The reason is more architectonical than func-
tional/technical. The indoor atmosphere increased.

Figure 6. Interior passenger Terminal Kanzai Airport.

Figure 7. Neue Messe, Leipzig.

8 1997, STADE DE FRANCE, PARIS, MZRC

This tubular structures roof acts structurally as a saucer
which is suspended upward and stabilised downward.
From the outside it is a flat saucer.The interior displays
a grid of CHS profiles, interconnected. the grid of flat
trusses continues over the free playing field and hardly
gives any shadow and covering. The floating character
of this stadium overwhelms the A1 drivers alongside
the building.

9 1998 LAW COURTS BORDEAUX,
RICHARD ROGERS

A rather traditional set-up of trusses on columns
with barrel-vaulted undulating roofs in between tem,
mainly in tubular structures but now is a complex late-
modern building with stone covered lower floors in
concrete and upper volume in tubular steel enveloped
with glass. Detailing is modern and state of the art.
The conical space contains a court room. HighTech in
an urban environment.

Figure 8. Fremont Street, Las Vegas.

Figure 9. Interior State de France, Paris.
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Figure 10. Law Courts, Bordeaux.

Figure 11, 12. Oriente station & shopping centre, Lisbon.

10 1998 ORIENTE TRAIN STADIUM, LISBON,
CALATRAVA

This train station has a minority in circular tubes and
a majority of specially made steel ribs. Visually very
much attraction looking and at the time of the Expo of
Lisbon itwas the entrance to theworld.Thewelcoming
gesture speaks for itself. The adjacent shopping centre
continues the spatial experience.

11 2000 EDEN PROJECT, NICOLAS
GRIMSHAW

The covering of the Eden project in Bodelva, Corn-
wall UK, contains two large greenhouses where public
botanical gardens are located. The geometry of the
domes is derived from regular polyhedra, intersecting
in this case as giant soap bubbles. The space frames
used are quite regular thanks to the Pre-High-Tech
studies of the late Richard Buckminster Fuller. The

Figure 13. Eden Project, Cornwall.

Figure 14. British Museum, London.

lengths of the space frame members varies around 4 to
5 metres. The cushions have a diameter of 4 to 9 metre
diameter. Cushions are made as triple layered ETFE
cushions, with two air-inflated chambers.

12 2000 BRITISH MUSEUMATRIUM ROOF,
LONDON, NORMAN FOSTER

The inner courtyard of 92× 72 metres with the ellipti-
cal, slightly asymmetrically positioned Library. In this
buildingKarlMarxwrote his ‘DasKapital’as he could
not afford a private writing place.This atrium covering
has the form of a squared asymmetrical donut and has
been designed, engineered and made on site as a shell
grid of a triangulated single skin space frame.
Because of the visual flow of material elements and

glass panels, the path was chosen for a strong bur sim-
ple single layer of RHS square hollow sections. They

20



Figure 15. Millenium Dome/O2 Dome, London.

were welded on site on the RHS profiles, after having
been positions exactly in situ by 3D surveying appara-
tus. Quite in contradiction to the development in space
frame world, this space frame was not regular or repet-
itive. That is the reason why all corners were snubbed
off in a workshop off-site, coded and positioned and
clicked on place. Only after the positioning of all tubes
the welding could begin, which had to take care of
many distortions in the overall shell.

13 2000 MILLENIUM DOME, LONDON,
RICHARD ROGERS, BURO HAPPOLD

The Millennium Dome was a public project to show
British awareness of the turn of the century. Like the
Millennium bridge it attracted a lot of attention. It
became world’s largest tent structure. Prominent fea-
tures are the tubular mast poles sticking out of the
Teflon coated membrane fabric. Diameter of the dome
is 365 meter. Long after the change of millennium the
dome got another function: called the O2 dome after
the sponsoring telecom company, it serves now as the
temple for pop artists. Michael Jackson contracted 50
shows ‘This is it’here, but deceased someweeks before
the start.

14 2001 MEDIATHEQUE SENDAI, MIYAGI,
JAPAN, TOYO ITO

A five stories public building made of steel structures
by a ship building company, with characteristic tubu-
lar columns, all in a different but outstanding form.
Through these tubular circles of columns stairs and
elevators are designed. This vertical traffic gives a
unobstructed view of the different stories.

15 2003 TOWN HALLALPHENAAN DE RIJN,
NL, ERICKVAN EGERAAT

This first official Dutch and permanent Free Form
building has a very irregular shape, yet almost all
elements and components in its geometry are geomet-
rically defined as they are part of a torus, cone, cylinder
etc. In the beginning of the Free Form technology it
caused a struggle between the designing parties and

Figure 16. Mediatheque, Japan.

Figure 17. Town Hall Alphen aan de Rijn.

the producing and building parties as the designers
overlooked the geometrical complexities.
Yet the lessons were learned within an additional

year of design development and the building from then
on was only built up of similar elements in different
form, positioned in different click points. The archi-
tect requested individualized screened glass panels.
All elliptical façade tubes had a different height, some
even in a crooked form near a prominent stair (wed-
ding stair):‘industrialisation in lots of one’. (Janssen&
Boorn, 2002)

16 2004 FEDERATION SQUARE MELBOURNE,
LABARCHITECTURE

An open environment on a well known place in the
city amidst older ‘heritage’ buildings often accumu-
lates tensions amongst the public. It becomes a topic
of intense debate. Such was the case with the ‘Fed’
Square. The total assembly positions itself counter
to the conservative parties. The theatre is the most
outspoken part of those buildings in a fuzzy tubu-
lar network geometry with an even more complex
glass covering. Fuzzy networks in ‘down under’. For
the 2008 Olympic Games in Beijing architect PTW
Architects, CSCEC and Arup would design an indoor
swimming pool stadiumwith a similar roof and façade
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Figure 18. Interior Town Hall, Alphen.

Figure 19. Federation Square, Melbourne.

systemwith ‘fuzzy logic’ in tubular structures covered
with inflatable cushions.

17 2006 BARAJASAIRPORT TERMINALS,
MADRID, RICHARD ROGERS / ANTONIO
LAMELA

The new Barajas Terminals form together the interna-
tional airport of Madrid, one of the largest in Europe
and certainly one of more spacier airports to date.
The construction exists of tapered tubular columns
in changing colours indicating the gates, on concrete
frames in a very smoothened design modus. The steel
roof planewith bamboo ceiling undulates over the long
double Y-stilts construction. The length of the termi-
nals, the wideness, the gentle gestures of the columns

Figure 20. Swimming stadion, Beijing.

Figure 21. Terminal 4 Barajas Airport, Madrid.

and the changing colours of the stilts make these ter-
minals almost a modern version of grand cathedral
spaces and unique in the world.

18 2005 NATURAL MUSEUM, LEEUWARDEN,
NL, JELLE DE JONG

This museum of Natural History was housed in a
17th/19th century building in the city centre and had to
be covered to extend its museum collection and pub-
lic meeting possibilities. After a design competition
the architect made a design based on an experienced
lightweight steel tubular grid, clad with insulated glass
panels, stabilized by stainless steel rods from 4 long
masts, penetrating trough the glass plane.
The masts stabilize the roof plane upward or down-

ward snow, deadweight andwind forces and downward
for upwind. The roof scheme is a table structure, inde-
pendent form the existing buildings. The roof edges
are chosen on the top of the tiled roofs, but only a thin
rubber flap makes the cover, no forces are allowed on
the existing building, the edges around have ventilat-
ing windows.The roof structure of the horizontal glass
plane and the 4 prominent masted poles were accepted
by themonument commission as an extreme structural
state of the art positioning to the old buildings.
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Figure 22. Natural Museum, Leeuwarden, NL.

Figure 23. The Cockpit, Utrecht.

19 2005 SOUND BARRIER / ‘COCKPIT’ CAR
SHOWROOMA2 UTRECHT, NL,
KAS OOSTERHUIS

This 1.500 meters long sound barrier along the A2
near Utrecht, NL and 180m long car Hessing show-
room of exclusive cars has a fluent Free Form design
which blends well in the short time this building is
seen from driving the highway. The cross sectional
shape changes during the entire length, is triangulated
in a space frame and only the cockpit has a tubular
space frame with clearly over-designed tubular mem-
bers. Glazing follows the triangulation of the design
grid.

20 2005 ALLIANZ STADIUM, MÜNCHEN,
HERZOG+DE MEURON

This lightweight showing stadium is covered with
EFTE cushions along all of its facades, illuminating

Figure 24. Allianz Arena, Munich.

Figure 25. Evo Restaurant, Barcelona.

in different colours: White for neutral football games,
red when Bayern München plays and blue when 1860
München plays.The light is an integralmessage for the
stadium that often is used in the darker hours of the
day.The tubular structure of the football stadium func-
tions as it should, serving the function of roof without
attracting much attention.

21 2006 EVO RESTAURANT,
HOTELES HESPERIA, BARCELONA,
RICHARD ROGERS

The Evo restaurant sits as a gigantic diamond on
the high Hesperia Hotel in Barcelona and has been
designed as an expensive icon in the silhouette of
the high rise building. The menus are suited for the
elite. The view out is phantastic. The restaurant has a
diameter of 22m and has a network geometry dome
structure made of slender RHS tubes, welded on site,
that is to say: on the ground level. The entire diamond
shaped restaurant has been lifted with a giant crane in
its position.

23



Figure 26. BMWWorld, Munich.

Figure 27, 28. Olympic Stadium, Beijing.

22 2007 BMWWELT MUNICH, COOP
HIMMELBLAU

This building servesmainly as a rich environment from
which the lucky owners of new BMW cars can get
their brand new cars and drive into the future. The
building has some prominent sides. One of them is the
double cone, made of a tubular network which by its
turning movement twists the entire building visually.
(Himmelblau, 2010)

23 2008 BIRD NEST INDOOR SPORT
STADIUM, BEIJING, HERZOG+DE
MEURON / OVEARUP

The Bird nest stadium is the apotheosis of the use of
tubular structures to date in the world. It used 8x more
steel than an average stadium of the same size, else-
where causing the world’s price of steel to skyrocket
for a while. The design was very outspoken, had the
looks of a giant Chinesewoven reed basket, and is con-
sidered as a prime example of a Free Form building.
It was mainly used 14 days in its life in the summer of
2008, but it was on all television sets over the entire
world and had a function as public advertisement of
China as a country organising the 2008 Olympics.

24 CONCLUSION

While the first 15 years, half a professional genera-
tion, of tubular structures were mainly colored by high
tech architecture, the latter 15 years after that were
colored by prominent free form architecture projects.
Kanzai Airport was the turning point: both high tech
and free form.Thiswas the time that the computer pen-
etrated design offices and that accurate designing and
engineering of complicated structures and free form
structures became possible. Before that it was only
confined to a few specialists who had advanced com-
puter programs andwere used to dealwith components
in large variety of form and dimensions. Since then,
however, computer programs are commercially avail-
able for designers and engineers. What stays is the
wish of the architect to make surprising buildings
with 3-dimensional structures to make the spatial ges-
tures.Tubular structures have proven to be flexible and
versatile enough for this purpose.
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Design and erection of the London Eye and the Wembley National
Stadium arch

A.P. Mann
Senior Consultant, Jacobs, UK

ABSTRACT: Since the Millennium, the London skyline has acquired two prominent structures: the London
Eye and theWembley Stadium arch. Both are very large lattice structures and both aremade up of tubular element
substructures. Although serving quite different functions, both structures posed similar design challenges not
least in the need to consider global buckling modes. Partly because of that demand, the need to assure tolerances
was also very important for each. Given their huge sizes, these was an especial need to consider processes of
node fabrication, sub-assembly and final erection into position.

1 LONDON EYE

1.1 Introduction

Since the Millennium, the London skyline has
acquired two prominent and now well known struc-
tures: theLondonEye and theWembley arch.Although
serving very different purposes, both structures share
certain features. Firstly, and generically, they are both
large span tubular structures acting primarily in com-
pression. Secondly, they both support or incorporate
cables and thirdly, considerations of fabrication, sub
assembly and erection were highly significant for both
projects and there was a certain commonality between
their construction approaches.
The London Eye rim was designed, fabricated

and erected by Hollandia based in Rotterdam. The
WembleyArch was designed by Mott MacDonald and
fabricated by Cleveland Bridge (Darlington). Cleve-
land Bridge were also responsible for the erection
engineering. The paper’s author acted as third party
for site works on both projects and acknowledges here
the great skill of the design and construct teams.

1.2 London Eye function

Figure 1 shows the Eye. The Eye’s rim (about 132m
across) is a triangular lattice using tubes for all its
members. On the outside, the rim supports 32 passen-
ger capsules and the total self weight is transmitted
down from the rim via cables to the central hub and
thence to ground. Laterally, wind acts on the capsules
plus the exposed surface of the rim and this load is
also carried via the spoke cables back to the hub. To
transmit lateral loading, the spoke cables are inclined
out of plane (Figure 2).Moreover, for efficiency and to
avoid cable slackening, all cables are pre stressed. By
this means the ‘tension cables’ carry tension and the

Figure 1. London Eye rim.

‘compression cables’ carry compression, by relief of
tension. One down side is of course the inevitability of
placing the rim in a permanent state of circumferential
compression (though this does confer some advan-
tages).Arithmetically, the cable prestress is quite large
such that the total compression induced in the rim is
also large; this being the summation of prestress plus
gravity and wind loads with the prestress contribution
being dominant.
The rim’s mode of failure is then one of global

buckling having the classic four quadrant mode shape
buckling form under excess axial load. For stability
and to limit interaction it was essential to compute
the elastic critical buckling load and keep it high in
relation to individual member capacities.
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Figure 2. Eye rim with spoke cables.

An interesting question in assessing capacity is to
consider what the partial load factor on prestress load-
ing should be. Self evidently there is uncertainty in
both gravity and wind loads which partly justifies
their relevant factors: it is conceivable that either of
them in practice (especially the wind load) could be
higher than computed. However, the prestress load is
put in to a defined and measured amount and can
actually only reduce with time – the reduction being
linked to losses via by cable creep although the spoke
cables are periodically ‘tuned up’. Philosophically, if
the rim were to buckle, the dominant driving force
(the prestress) would be shed, whereas of course grav-
ity loading remains always active which again brings
into question what partial load factor is appropriate.
Although these are interesting asides, in practice the
prestress was treated as dead load though arguably this
was conservative.
Given that the dominant loads are axial and that

global buckling is a significant issue, it also follows
that the global structural tolerances (out of plane)
are matters to be addressed positively. During design,
active consideration was given to tolerances.There are
several sources of dimensional variation: the rimmight
not be plane, and the wheel might not be round and the
hub might not be in the centre of whatever shape the
rim ended up. All of these separate tolerance topics
have implications not only for rim structural capac-
ity but also for wheel functionality. The concern was
compounded because building the rim was a ‘one off’

so pragmatically no one could be totally sure what tol-
erances were achievable. There is little point in any
design demanding a tight tolerance if the contactor
struggles to enforce it. Moreover following construc-
tion, the team would have the problem of determining
what to do if the tolerances had not been achieved.
To investigate alignment effects during the design

stage, various simulations were run with cables
at differing prestress values to see what possible
misalignments might be generated, these included
variation on absolute prestress values, plus tension
variations between individual spoke cables.Thereafter,
other simulations were run with different misalign-
ments to assess global buckling sensitivity. Fortunately
these studies suggested firstly that alignment would
not be overly affected by variations in cable pre-
stress and secondly (again fortunately) that buckling
capacity was not much affected over a range of sen-
sible misalignment presumptions or of cable stress
variations.
There are however other practical consequences of

tolerance. A key point to note is that functionally the
Eye works by being in continuous motion and requir-
ing passengers to board a continually moving wheel
(it is in fact the safety and practicality of that boarding
process which governs wheel speed). Thus a key inter-
face is that between the Boarding Platform surface and
the steps of the capsules both vertically and laterally.
Excess vertical steps would create a trip hazard, while
excess horizontal gaps would create foot trap hazards.
The target therefore was to keep the gap between the
Boarding Platform edge and the capsule steps not so
tight as to risk a clash and not so wide as to risk a
foot trap hazard. For both these reasons, rim planarity,
rim circularity and rim concentricity were important
objectives.
To further assure horizontal alignment, the rim is

guided through horizontal restraint rollers set either
side of theBoardingPlatform.Consequently, the struc-
tural implication of this is that the wheel is ‘forced’
into line during each rotation to a degree linked to its
out-of-plane tolerance. Hence there is a fatigue load-
ing case with a cycle of loading (in and out) once for
each revolution. Acceptable alignment in the vertical
direction was to some extent achieved by controlling
wheel circularity (and assuring the hub was in the
centre) via control of the cable tensioning (and the
assembly/erection methodology was important in this
respect) and partly by providing some adjustability in
the attachment points of the capsules to the rim. In
practice, step variations are not very much. There is
also a height variation between summer and winter
due to thermal changes but as the thermal mass of the
structure is so high, this has not, in practice, been a
problem. If necessary, the Boarding Platform surface
can be adjusted up and down since it is supported on
jacks but this is rarely done.
As the rim rotates, it does ovalise to some extent

and this also creates some fatigue loading in plane.
That is not a major problem, not least since the entire
rim is permanently in compression. Fatigue cracking
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can initiate in welded zones even when steel is in com-
pression (cracks being propagated by residual stress)
but as the rim is in high imposed compression any
consequences would not be so important and cracks
would be unlikely to propagate. In practice no crack-
ing has been detected (there are annual inspections).
As the rim rotates, the forces in the cables do change
though not to a huge amount but such changes also
impose fatigue cycling on the cable end node supports
so these too are designed for local stress fluctuations.
Local fatigue issues occur at the capsule attach-

ment points because these structural parts undergo one
complete reversal of load with each wheel rotation. It
will be observed (Figure 1) that each capsule has four
support points and that there is bracing between the
separate support points. This is deliberate for although
the structure is designed for fatigue, very high assur-
ance is required against potential capsule loss. Hence
the philosophy was to provide a highly redundant
attachment structure such that any single support could
be lost with the capsule still remaining in position.
Generally then the structural design of the rim is

fairly complex. There is a global buckling problem to
be resolved taking the dominant loads as pre stress.
Then superimposed on that there are global and local
fatigue issues linked to a number of causes.The design
also has close links to functionality in that tolerances
are important for a number of reasons. Finally, tak-
ing account of erection methodology, there is a key
erection load case to consider.

1.3 Interface with drive system and electrical
pick up

The rim has an interface with the wheel drive system
which is shown in Figure 3. Fixed to the side of the rim
there is a running strip coated with a friction surface
(see also Figure 4). This strip is gripped by the drive
wheels top and bottom and as these wheels are turned
by theirmotors so the sandwiched strip is pushed along
and the whole wheel rotates. Neither the rim nor the
running strip are circular but are instead made up of
a series of straights. The implication of this is that the
drive wheel sets have to move up and down (and be
capable of moving in and out) with wheel rotation.
To do this, they are fixed to articulated arms. As this
movement capability is in all circumstances necessary,
the actual rim circularity tolerance is not that important
from a drive perspective; tolerances being much less
than the movements inherent in having a segmental
driving surface. There is a separate interface with the
electrical pick up system and the horizontal and verti-
cal rim tolerances governed the amount of articulation
that had to be built into the pick up supports.

1.4 Detailing

A key requirement of the rim design was aesthetics.
The intention was always that whatever was built had
to look good. For this reason, the bulk of connections

Figure 3. Eye rim interface with drive system.

Figure 4. Eye rim nodes and running strip.

on the truss are fully welded with the architect taking
a keen interest in their appearance. The design of the
nodes required considerations of:

• Appearance
• Strength
• Fatigue resistance
• Practicality
• Facilities for mass production in jigs
There are different types of nodes, normal types

accommodating triangular bracing and the type that
anchors the cables.A typical truss junction can be seen
in Figure 4.

1.5 Assembly

As the contractor Hollandia was based in Rotterdam,
the entire structure was shop fabricated there and
shipped direct to the London site. The rim itself came
in four quadrants each of these coming over the sea and
up the Thames on barges. Figure 5 shows a rim sec-
tion on the quay in Holland ready to be loaded onto its
barge.These four segment were then fitted together on
site. At site, the inner chord remained bolted between
quadrants whilst the outer chord was site welded.
Thereafter, the spoke cables were added and ten-
sioned up. How this was achieved whilst maintaining
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Figure 5. Eye rim segment ready to be loaded onto a barge.

circularity will be appreciated from a description of
the erection methodology.

1.6 Erection

A significant imperative for the project was rapid com-
pletion for the wheel had to be in place byMillennium
eve. As time was really short, this was a significant
factor in the thinking devoted to the erection method.
Other considerations were that site space for assembly
was extremely restricted. It is possible to erect wheels
vertically but this requires some significant temporary
works to maintain alignment and traditionally vertical
erection methodology has been used where rims have
rigid spokes rather than cables. Moreover, a vertical
erection method in London would have meant a large
amount of working at height along with the risk of
dropping tools onto rights of way below. Given that
space was available on the river, Hollandia decided to
assemble the rim flat over the water surface and then
jack the whole rim up into its vertical plane from that
position.
Of course there are pros and cons with any erection

method. In favour, fortunately the Thames happens to
be about twice the rim diameter opposite Jubilee gar-
dens and also fortunately, the navigable passage runs
along the opposite bank. Thus it was possible to pile
into the river on the garden’s side to form temporary
support platforms to hold the rim temporarily.The four
segments of rim were supported on these platforms
(Figure 6).Whilst in this horizontal plane, cables were
added and tensioned up so this was much easier than it
would have been to add cables in the vertical plane
with all the added risk of uncertainty in achieving
circularity. On the down side, to match the erection
methodology, itwas necessary to articulate theA frame
(column support) top and bottom and to adjust the
hinge support position upwards at theA frame bottom
so as to allow the frame to be in an alignment that
cleared the river wall and fitted up to the rim on its
river supports. This demand may be appreciated from
Figure 7. Structurally, it will also be appreciated from

Figure 6. Eye rim temporarily supported above the river.

Figure 7. Eye erection.

Figure 8. Eye rim out of plane umbrella of support cables.

the erection picture of Figure 7 that at the moment of
lift off, the rimweight was at its most eccentric relative
to the foundations and therefore this moment dictated
the maximum up lift imposed on the rear foundation
and the foundation design was actually governed by
that condition. Additionally, at the moment of lift off,
the rim was loaded out of plane and to counteract this
was restrained out of plane by an umbrella of tempo-
rary cables anchored onto a disc mounted at the rear
of the spindle: this array can be seen in Figure 8.
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Figure 9. Wembley arch over the stadium.

Figure 10. Arch with roof hanging below and over pitch
trusses.

Erection of the rim from horizontal to vertical was a
spectacular event and took place in one day hence part
of the justification for its adoption. Technically the
moment of lift was the moment of greatest stress for
much of the structure though this ran counter to pop-
ular instinct which probably thought higher elevations
would be more critical.

2 WEMBLEYARCH

TheWembley arch spanning 315m purports to be one
of the longest in the world for a building. Overall, the
arch is 140m high (about the same as the Eye) and
the ‘tube’ is ∼7m diameter. Total self weight is about
1,750 tonnes of steel. The arch is spectacular, visible
from a long way off and a signature for the stadium
(Figure 9). Its function is to support the roof below
(hung on cables) but perhaps surprisingly, it supports
not only the roof directly below but a good proportion
of the roof on the opposite side of the pitch since that
roof is partly supported on trusses which span right
across the pitch to carry a moving roof (these trusses
can be seen in Figure 10).

Figure 11. Arch before erection with 5 turning masts in
position.

Structurally, as for theEye, the arch is a lattice struc-
ture made up of tubular sub elements. It is mostly in
compression so again, as for the Eye, global buckling
is amajor consideration as is buckling of the individual
tubes from which it is made. Out of plane wind load is
carried again via inclined cables and they have enough
gravity stress for wind generated ‘compression’ to be
carried by relief of tension.As the arch is obviously in
high compression it has the standard potential buckling
modes of failure. Restraint out-of-plane is partly pro-
vided by orthogonal cable restraint but there is also an
in – plane, side sway, bucklingmode resisted by arch in
plane stiffness. Because buckling is a dominant design
factor, out of plane alignment tolerance was also a sig-
nificant factor and the contract specification dictated
limits for that. During erection, measures had to be
deployed to keep the planarity alignment acceptable.
Unlike the Eye rim, there are no significant fatigue
issues to counter.

2.1 Nodes

Aesthetics was clearly important so became a signif-
icant influence on the nodal form adopted: all nodes
are welded with considerable geometrical complexity
belied by their smooth clean appearance post fabri-
cation (some of the complexity is linked to sequence
of assembly such that access is retained to complete
internal welding).
There were four broad groups of nodes:

• Standard node intersections tube to tube
• Interface with cross arch diaphragms
• Nodes to attach to cables which support the roof
• Nodes to attach cables used for erection purposes
Many of these can be seen in Figure 11.

• Nodes which attach to temporary cables

2.2 Assembly

Aswith all large structures, the practicalities of assem-
bly are key for planning and inseparable from the
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Figure 12. Arch assembly: Sub units being lifted into
position.

adopted erectionmethodology.As for the Eye, the plan
was to assemble the arch on the ground and then hoist
it up. Thus the strategy was for the arch to be made up
of sub units which were then assembled into an arch
shape (laid out horizontally) on stillages in a position
ready for hoisting. Because even the sub units were
large, fabrication shops had to be built on site.
This assembly process involved first of all mak-

ing up 41 diaphragms partly factory welded but then
delivered to site in thirds for final assembly (these
diaphragms can be seen as the ‘verticals’ in Figure 11).
Thereafter, these were erected in jigs (one diaphragm
at each end) and the tubes in between were welded
into place. These tubes had been pre cut and profiled
in Cleveland Bridge’s Darlington factory. These com-
pleted sub units were then moved by crawler crane
(Figure 12) onto the pitch stillages in hit and miss pat-
terns for the other tubes completing the arch to be
welded in between.

2.3 Erection

Figures 11 and 13 shows the erection methodology.
Although in principle this followed the same strategy
as lifting the Eye there were differences. But firstly
there are similarities: a key one was the need to intro-
duce a proper pin at the arch base to allow articulation
out of plane. The was quite complicated since in the
final condition, the arch was required to be pin based
so as to be capable of articulation in-plane (i.e. at 90◦
to the erection rotation). The base detail to permit this
can be seen in Figure 14.Another similarity is the need
to be hauled up on cables so nodal attachment points
were required for temporary cables detailed so as to
be geometrically clear of the cables used finally for
supporting the roof. Again, and like the Eye rim, there
were erection load cases of in-plane and out-of-plane
loading, a need to maintain alignment consistent with
the buckling mode of failure and a critical load case
just at lift off.
A difference to the Eye erection is that significant

temporary works were required to facilitate the lift.
Figures 11 and 13 show the use of five turning masts
each of which pulled on the arch to raise it. The cables

Figure 13. Arch erection with base pinned.

Figure 14. Erection pin at arch base.

Figure 15. Strand jacks for pulling up turning masts.

pulling the turning mast up were rotated by shortening
attachment cables through strand jacks (Figure 15).
Noting there are five turning masts, each with differ-
ent cable lengths from their heads down to the arch
(Figures 11 and 13), it may be appreciated that at any
stage of the lift, the amount of force in each cable dif-
fered to a degree linked to the system stiffness. It was
not possible to pull all five masts in unison and even
if they had been so pulled, differing cable stresses and
hence differing cable extensions would have created
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Figure 16. Arch going ‘over the top’.

an arch out of plane deviation. To overcome this, there
had to be a sequence of incrementally defined steps.
Moreover as the force in each mast system varied, the
increment at each point varied. The consequence of
this is that cable pulling was a selected mixture of
both applied force and applied displacement with the
driver for displacement being to keep the arch in plane
at all stages or at least within tolerance limits of mis-
alignment.To control this a mathematical model of the
whole process was developed and from this a defined
sequence of jacking steps was evaluated for each of
the five turning masts.
For both the Arch and the Eye rim, the whole erec-

tion process was monitored continuously in terms of
predicted force on the lifting system(s) and predicted
displacement at defined points with survey checks
made at each increment to assure that the lifting forces
and measured displacements were what was expected
against themathematical models.Thewhole operation
had to be controlled in this manner with a personnel
command and control strategy.
A further difference between lifting the arch and

lifting the Eye rim is that on the arch, the tilt went
further than vertical and as the arch went ‘over the
top’ loads were transferred at that point from pulling
cables to restraining cables. (Figure 16).
Both the rim and the arch underwent changes of

shape between their unstressed position on the ground
and their erected position in the air. As part of the pre-
erection engineering it was necessary in both cases
to study what those shape changes would be (say
under selfweight) and determine if presetwas required
to offset the changes so that the as-built structures
conformed to design intent shape.

3 CONCLUSIONS

These are two iconic tubular structures and both pre-
sented great challenges in terms of design, fabrication,
assembly and erection. A key observation from each
is that any design overall needs to consider all the
practicalities of assembly and erection if it is to be com-
plete.The reason is obviously that structural capacity is
linked to the ability to detail the nodes and the ability to
achieve sensible alignments. Furthermore the manner
of erection in both these case studies had a signifi-
cant effect on the detailing, and the manner of erection
in both cases imposed significant stresses during the
erection phase. In both cases, those erection condi-
tions were enough to influence sizing i.e. the erection
condition was at least as important as the permanent
condition.
Tubular structures offer great advantages when

appearance is a major demand and they offer major
advantages when dominant loads are compressive.
However, as experienced designers understand, the
completeness of design, the practicalities of assem-
bly and costs are all very strongly influenced, if not
dominated, by the practicability of making the nodes
not least the amount of welding within them. That in
turn is very strongly influenced not just by the appar-
ent demands of achieving strength but by the simple
geometric demands of weld length and weld volume
enforced by the geometry of the tube intersections. It
is really the nodes and their configuration that govern
the overall design of the members and not the other
way around. Altogether, if a design is to achieve a sat-
isfactory outcome in terms of material, functionality,
appearance, ease of assembly and erection then there
must be an iterative process of development involving
skill inputs from several specialists
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Local buckling in Concrete-Filled circular Tubes (CFT)

R. Chacón, E. Mirambell & E. Real
Technical University of Catalonia UPC, Barcelona, Spain

ABSTRACT: Local buckling phenomena in Concrete-Filled Tubes (CFT) is prevented in EN1994 by limiting
the slenderness of the steel tubes (D/t) to 90·ε2.This limitation is inherited fromEN1993-1-1 inwhich slenderness
limits are defined for Circular Hollow Sections (CHS).This approach has been tackled by researchers for the case
of CHS but has not been studied for CFT to the same extent. This paper describes a series of three-dimensional
numerical simulations of CFT subjected to both flexural and axial loads. The three-dimensional simulations
provide a phenomenological insight concerning the complex mechanical phenomena involved in local buckling.
The results obtained show discrepancies between the EN1994 limitations and the pinpointed phenomenological
observations for the case of CFT.

1 INTRODUCTION

Concrete-filled tubes (CFT) are widely used in civil
engineering and building construction and consist of
a steel tube with a concrete core casted inside. The
behavior of CFT has been widely studied and hun-
dreds of tests on CFT subjected to axial and flexural
loads are nowadays available in the literature (Goode
2008).Most of the studies have pointed out the benefi-
cial effects of CFTwhen subjected to different types of
loading by comparing their cross-sectional resistance
and ductility to pure steel or pure concrete elements.
Consensus concerning this matter has been achieved
among researchers: due to an enhancement of the con-
fined concrete strength, the resistance of CFT is quite
higher than the addition of the resistances of each
material when considered separately.The compressive
strength is increased due to tri-axial confinement of the
concrete core. The susceptibility to local buckling of
the steel tube is decreased since the concrete core pro-
vides to the steel plate an additional constraint. This
constraint prevents the plate to undergo inwards buck-
ling and thus, the critical buckling load of the plate is
increased.
Several models of resistance prediction have been

proposed (Hatzigeorgiou 2008, Susantha et al. 2001,
Johansson 2002) for members with relatively thick
steel plates.Thesemodels have been compared by sev-
eral authors (Beck et al. 2009, Oliveira et al. 2010,
Chacón et al. 2011) with relevant codes (EN1994
2004, AISC 2005). These comparisons have pin-
pointed the adequacy of the prediction of the confine-
ment effect onto the ultimate strength ofCFTsubjected
to combined bending and compressive loads.
Moreover, it is understood that CFT columns sub-

jected to bending and/or compressive loads might be
prone to local buckling when the D/t ratio of the steel

tube is high. The critical buckling loads of the plates
belonging to CFT may condition the cross-sectional
capacity of the members. The critical buckling mode
associated with local instability of a steel plate of a
CFTmight be labeled as “outwards buckling” since the
steel plate is not able to develop inwards waves.As far
as known by the authors, no information concerning
mathematical developments or eigenvalue analyses of
such phenomenon are available in the literature. The
cross-sectional resistance of CFT has been tradition-
ally decoupled from the local buckling phenomenon
by limiting the D/t ratio of the tube to certain limits.
On the other hand, researchers have pinpointed an

existing post-local-buckling strength of slender steel
plates which contributes to the ultimate strength of the
whole section (Kwon et al. 2011). Several formulae are
provided by these authors for the sake of predicting the
ultimate strength of the steel plate. These formulae do
not require the computation of the effective area of
the plate and are derived empirically from a series of
experimental tests.
In this paper, the potential local buckling of CFT

is studied by means of a fully three dimensional FE-
based numerical model in which: i) the concrete core
is modeled with solid finite elements and the confine-
ment effect is accounted for and ii) the steel tube is
modeled with shell elements and the potential local
buckling is taken into account.
The model includes a contact-based formulation in

which both entities interact realistically. Full material
and geometrical nonlinearity is included. Results con-
cerning the susceptibility to local buckling of the steel
plate as well as comparisons with the European code
EN1994 are provided at the end of the paper.
In addition, experimental results of CFT subjected

to pure compression gathered from the literature are
used for comparison purposes.
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2 EN1994. DESIGN OF COMPOSITE STEEL
AND CONCRETE STRUCTURES

2.1 General

EN1994 provides with guidelines for the design of
composite columns and compression members with
steel grades S235 to S460 and normal weight concrete
of strength classes C20/25 toC50/60.These guidelines
apply to isolated columns and columns in framed struc-
tures where the other structural members are either
composite or purely metallic. The steel contribution
ratio δ (eq. 1) should fulfill the condition 0,2≤ δ≤ 0,9.

Two methods of design are given: i) a general method
whose scope includes members with non-symmetrical
or non-uniform cross-sections over the length, ii) a
simplifiedmethod formembers of doubly symmetrical
cross-sections.

2.2 Simplified method

Only the simplified method is discussed herein. The
members must be checked for: cross-sectional resis-
tance, resistance to local buckling and resistance to
shear between steel and concrete elements. The cross-
sectional resistance must be verified with the well
known interaction diagram. The plastic resistance to
compression Npl,Rd of a CFT cross-section should be
calculated by adding the plastic resistances of its com-
ponents. Account may be taken of increase in strength
of concrete caused by confinement.
The resistance of a cross-section to combined com-

pression and bending and the corresponding interac-
tion curve may be calculated assuming rectangular
stress blocks as shown qualitatively in Fig. 1. This dia-
gram can be constructed by varying the neutral axis
throughout the cross-section and satisfying the cross-
sectional equilibrium with the pair of resulting forces
N and M.
Accountmay be taken of increase in strength of con-

crete caused by confinement (point A in Fig. 1) This
allowance is valid if and only if the relative slenderness
of the structural element does not exceed 0,5 and the
relative eccentricity of the applied load e/D does not
exceed 0,1, being e the eccentricity of loading given
by the applied forces MEd/NEd and D the diameter of
the tube.

2.3 Local buckling

Local buckling should be accounted for if the
diameter-to-thickness ratio D/t in CFT is greater
than 90·235/fy. The effects of local buckling may
be neglected for a steel section if the given limit is
not exceeded. If D/t> 90·235/fy, full account of local
buckling is necessary in all calculations (the designer
is recommended to approach this calculation as in shell

Figure 1. Cross-sectional interaction diagram of a CFT
according to EN1994.

structures, EN1993-1-6) and the simplified model is
no longer valid.

3 NUMERICAL MODEL

3.1 Geometrical modelling

The structural response of the CFT is modeled by
means of the three-dimensional, multi-physics, FE-
based Software (Abaqus v10.3, 2011). The concrete
core is modeled by using C3D8R solid elements
whereas the steel tube is modeled with S4R shell
elements.
Both geometries are put together by means of a

surface-based contact formulation and meshed sepa-
rately. This contact formulation reproduces both nor-
mal and tangential behaviors between surfaces. For the
former, the model allows separation (but no penetra-
tion) of adjacent nodes of both entities whereas for the
latter, the model is based upon a linear force-slip tan-
gential behaviorwith a friction coefficientμ= 0,3. For
both cases tangential and normal stresses are transmit-
ted from one entity another. Thus, the steel tube might
induce a certain level of confinement to the concrete or
alternatively, the steel plate might undergo local buck-
ling if it is separated from the concrete core.Moreover,
it is worth pointing out that symmetrieswere employed
for the sake of reducing the computational cost of the
simulations.

3.2 Constitutive equations

The concrete core is characterized by a plasticity-based
damage model. It assumes that the main two fail-
ure mechanisms are tensile cracking and compressive
crushing of the concrete material. On the one hand,
the model assumes that under uni-axial compression
the response is initially linear until the value of failure
stress is reached. The maximum stress corresponds to
the onset of micro-cracks in the material. The plastic
response is characterized by a nonlinear path until the
value of fck is attained and a strain-softening response
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Figure 2. Mesh and numerical modelling.

characterizes the material beyond this point. Beyond
this stress, the behavior is represented macroscopi-
cally with a softening response. On the other hand,
the model assumes that the uniaxial tensile response
is linear until the value of fctk = 0,09·fck is reached (a
user-tuneable magnitude).The post-cracking response
is characterized by means of values of fracture energy
(GFI≈ 0,15N/mm).Themulti-axial behavior is repro-
duced by means of a scalar damage elasticity set of
equations. The uni-axial resistance is increased up to
1,16·fck if thematerial is subjected tomulti-axial stress
(also a tuneable magnitude).
The steel tube is characterized by means of elastic-

perfectly plastic material. Uni-axially, the material
yields once fy is attained. Multi-axially, the von Mises
criterion determines the onset of yielding. No strain
hardening is considered in this study.

3.3 Type of analysis

The studied phenomenon is strongly nonlinear. Ten-
sile cracking of the concrete, local buckling of the
steel plate together with a contact-based formulation
must be dealt with coupled. For making the simula-
tions computationally tractable, it has been decided
to use an explicit analysis. The procedure solves the
equation of motion which relates the inertial forces,
the viscous forces and the elastic forces into the same
equilibrated system (either static or dynamic).
The rate of load-introduction as well as the mass-

scaling of the system is set in such a way the structural
problem may be assumed as quasi-static rather than
dynamic.

3.4 Numerical simulations

The numerical simulations consisted of two load-steps
(Fig. 3). It is important to point out that these numerical
simulations belong to a vaster study on CFT belonging
to integral bridges. Therefore, the numerical simula-
tions were aimed at reproducing the type of forces
that the piers from integral bridges are usually sub-
jected to (Chacón et al. 2011). In any case, the internal
forces may be summarized in: compressive, bending
or a combined action of bending and compression.

• At the first step, an axial loadwas centrically applied
to the CFT. This axial load represents a percentage
of the squash load Npl,Rd of the CFT. Eight differ-
ent values ranging from 0% to 100% of Npl,Rd are
included (for the case of 100% of Npl,Rd, the CFT
fails and the analysis finishes).

Figure 3. Loading steps in the numerical simulations.

• At the second step, a lateral displacement was
applied on the upper cross-section. These displace-
ments assumingly reproduce the non-mechanical
(creep, shrinkage, etc) and mechanical deformation
(braking, seismic loads) from the bridge deck. The
upper cross-section remains horizontal during the
whole analysis.

• The resulting internal forces of the CFT can be
obtained by applying equilibrium conditions (eq. 2
to 4).

4 NUMERICAL DATABASE

4.1 Experimental database

A vast experimental database of 1819 experimental
tests is available in the literature (Goode 2008). This
database includes tests performed by several authors
and provides geometrical, material and ultimate loads
information of circular, square and rectangular CFT
subjected to axial and/or flexural loads. In this paper,
a sample of 526 circular CFT subjected to pure com-
pression excerpted from this database is used for
comparison purposes. The sample is chosen in such
a way the specimens are not prone to global buckling
according to the EN1994 criteria.

4.2 Numerical database

A numerical database provided in the present study
consists of 192 circular CFT prototypes of total length
L= 10,0 meters and outer diameter D= 1,0 meter
(L/D= 10) and 112 CFT prototypes with L= 10,0
meters and D= 2,0 meters (L/D= 5). A set of para-
metric variations of the steel contribution ratio was
developed. These specimens were numerically sub-
jected to various combinations of axial and flexural
loads. This database has been useful in other studies
performed by the authors concerning the ultimate load
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Table 1. Geometry of the numerically simulated prototypes.

Element D (m) Thickness (mm) fy (N/mm
2) N (%NplRd) Simulations

L10D1M 1 10-15-20 235–275 8 cases [0–100] 192
25-30-35 355–460

L10D2M 2 20-30-40 355–460 8 cases [0–100] 112
50-60-70-80

Total 304

Table 2. Additional numerical simulations.

Thickness Total
Element D (m) (mm) fy (N/mm

2) cses

L10D1M 1 6 235–275 4
1 8 355–460 4

capacity and ductility of CFT subjected to bending and
compressive loads (Chacón et al. 2011) for the partic-
ular case of integral bridge piers. Table 1 summarizes
the geometrical and material properties of the studied
CFT. The steel tube presents variations in thickness as
well as in yield strength fy whereas the concrete core is
characterized with an invariable compressive strength
fck = 30N/mm2 for all cases. In this study, additional
simulations were performed in elements subjected to
pure compression with very high D/t ratios. Table 2
depicts the geometries of such prototypes. The length
is set toL= 10,0meters and the outer diameterD= 1,0
meter (L/D= 10).

5 EXPERIMENTAL RESULTS

The sample depicted in sub-section 4.1 includes pro-
totypes subjected to purely compressive loads. The
ultimate load capacity of those specimens is provided
though information concerning the failure mode of
such prototypes is not fully documented.
Figure 4 shows the ultimate load capacity of

526 CFT subjected to pure compression standard-
ized to the EN1994 (in this case, the formulation
is applied without accounting for the effect of con-
finement). The results are plotted against the ratio
(D/t)/(90·ε2). These plots should be read as follows:
i) If Nexp/NEN1994< 1,0, the results are not on the

safety side, ii) If (D/t)/(90·ε2)> 1,0, the CFT should
be labeled as susceptible to local buckling (and thus
the simplified method would not be valid in the
present form). Bold lines indicate the boundaries of
the aforementioned regions.
Close inspection of the results leads to twofold

conclusions:

– The vast majority of the results are on the safety side
(regardless of the susceptibility to local buckling).

– The ultimate load capacity of the allegedly prone to
local buckling specimens is generally greater than
the EN1994 prediction.

Figure 4. Experimental results as a function of their sus-
ceptibility to local buckling (no confinement accounted
for).

Figure 5. Experimental results as a function of their suscep-
tibility to local buckling (confinement accounted for).

– The D/t limitation provided in EN1994 does not
seem to represent the pivotal point beyond which
local buckling occurs. However, this plot does nei-
ther give information about the possibility that these
prototypes undergo local buckling nor, about their
potential post-buckling reserve.

Figure 5 shows the ultimate load capacity of 526
CFT subjected to pure compression standardized to
the EN1994 (in this case, the formulation is applied
accounting for the effect of confinement, point A in
Fig 1).
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In this case, the vastmajority of the results are not on
the safety side (regardless of the susceptibility to local
buckling).The plot suggests awarning about the valid-
ity of the confinement effect provided by EN1994.
Similar results have been pinpointed by other authors
(Beck et al 2009, Chacón et al 2011).

6 NUMERICAL RESULTS

The experimental results presented in previous sec-
tions pinpoint that the susceptibility to local buckling
is not reproduced adequately with the limiting ratio
D/t. This section provides further information related
to the physical phenomenon that clarifies the struc-
tural problem to some extent. The results are separated
in two sub-sections, namely, pure compression and
pure bending. Due to space constraints, the combined
bending and compression phenomenon is not treated
herein.

6.1 Pure compression

CFT subjected to pure compression show different
structural response depending on theD/t ratio. Expect-
edly, the prototypes with high D/t undergo local
buckling at early load stages whereas prototypes with
low D/t show considerable yielding at failure load.
The “axial force” – “longitudinal displacement” curve
of the prototype L= 10m, D= 1m and t= 10mm
is given in Fig. 6 for various values of steel yield
strength fy.All prototypes presented in this plot should
be labeled as “prone to local buckling” according
to EN1994. The structural response show different
branches. First, all prototypes exhibit an identical lin-
ear response. After awhile its slope changes suddenly.
This change is identified as a bifurcation point.
At this point, for the prototypewith fy = 235N/mm2,

the steel plate has already reached its yield strength.
The slope of the post-bifurcation point branch is very
low compared to the linear branch.
For the prototype with fy = 460N/mm2, the steel

plate has not yet reached its yield strength at the bifur-
cation point. The slope of the post-buckling branch
is considerably high. Eventually, the steel plate yields
and the post-buckling slope is degraded to the same
level as for the prototype with fy = 235N/mm2. For
high values of longitudinal displacement, the con-
crete core crushes (the longitudinal strain reaches
ε= 0,35%).
Fig. 7 shows the axial load as a function of the

radial displacement of a node located nearby the area
of local buckling (Fig. 8 shows this area). The bifurca-
tion point is noticeable (labeled as “buckling” in Fig. 6
and Fig. 7). The change of slope is particularly sharp
for the prototype with fy = 235N/mm2.
Fig. 8 shows the von Mises stresses of the steel

plate in a deformed shape obtained from the numeri-
cal simulations. The figure shows a detail of the fully
restrained bottom plate of the prototype. The buckling
mode is noticeable and additionally, according to the

Figure 6. Axial load-longitudinal displacement plot of pro-
totypes with high D/t ratio (D/t= 100).

Figure 7. Axial load-radial displacement plot of prototypes
with high D/t ratio (D/t= 100).

Figure 8. von Mises stresses at bifurcation point for a pro-
totype with high D/t ratio (D/t= 100) and fy = 235N/mm2.

color scale, it is observed that at buckling, the proto-
type has undergone severe yielding (the units of the
von Mises stresses are in N/m2).
On the other hand, Fig 9 shows the axial force-

longitudinal displacement curve of the prototype
L= 10m, D= 1m and t= 30mm for various values
of steel yield strength fy. All prototypes presented in
this plot should not exhibit local buckling accord-
ing to EN1994. In this case, the structural response
shows different stages. First, all prototypes exhibit an
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Figure 9. Axial load-longitudinal displacement plot of pro-
totypes with low D/t ratio (D/t= 33.33).

Figure 10. Axial load-radial displacement plot of prototypes
with low D/t ratio (D/t= 33.33).

identical linear response. Secondly, the initial linear
slope changes. This change is sharper for proto-
types with fy = 235N/mm2 than for prototypes with
fy = 460N/mm2 in which it is almost unnoticeable.
Themain difference between high and lowD/t ratios

stems in the axial force-radial displacement curve.
This radial displacement is shown in Fig. 10 and also
exhibits a change of slope. This occurs at considerable
higher values than in prototypes with high D/t ratio.
Moreover, the change of slope is not as sharp as the
one observed with more slender prototypes.
Fig. 11 shows the von Mises stresses (N/m2) of

the steel plate in a deformed shape obtained from
the numerical simulations at the point at which the
slope changes. No out-of-plane deformation is notice-
able. It is also observed that at buckling, the proto-
type has not yet undergone any noticeable yielding
(fy = 460N/mm2).

6.2 Pure bending

The numerical simulations of a prototype subjected to
pure bending are developed in CFT subjected to lat-
eral displacements at the upper cross-section as shown
in Fig. 3. No previous axial force is applied for these
cases. A lateral displacement � of an element with

Figure 11. von Mises stresses at the change-of-slope
point for a prototype with low D/t ratio (D/t= 33.33) and
fy = 460N/mm2.

Figure 12. Resulting internal forces.

fully restrained end cross-sections develops internal
forces as shown in Fig. 12. The resulting bend-
ing moments generate both compressive and tensile
stresses in the CFT. These compressive stresses may
cause buckling of the steel plate.
In an incremental process, the relationship between

the displacement� and the resulting bending moment
M is initially linear. At high load stages this process
might become considerably nonlinear due to various
reasons (buckling, yielding, cracking). Fig 13 shows a
render from a process of a CFT subjected to an incre-
mental � displacement. The render shows a view cut
detail of the fully restrained bottom cross-section at
which local buckling occurs. The chosen prototype
has dimensions L= 10m, D= 1m, t= 10mm. Clear
separation between materials is observable.
As a matter of fact, the relative displacement

between the concrete core and the steel plate varies
throughout the incremental process. Fig. 14 shows the
absolute displacement of two nodes (whose position
is indicated in Fig. 13) as a function of the step-time
of the incremental process. The first node belongs to
the concrete core and the second node belongs to the
steel plate. Both nodes are adjacent and in absence of
local buckling, both nodes are expected to undergo the
same level of displacement. In Fig. 14, it is observed
that the displacement of both nodes may be sepa-
rated in three different zones. Zone A, at which both
nodes exhibit identical displacement. ZoneB, at which
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Figure 13. Separation between concrete and steel in the
compressed area of the bottom cross-section.

Figure 14. Radial absolute displacement of the nodes
located at adjacent positions of the steel plate and concrete
core.

there is a clear separation between both nodes (local
buckling zone) and Zone C, the post-buckling zone,
at which the concrete core exhibits a greater radial
deformation (there is no steel plate confining it) and
eventually, it reaches again the steel plate. An analysis
of such behavior has been performed for all specimens
belonging to the database presented in table 1.
Fig. 15 shows the difference between the absolute

displacements between both nodes. This difference is
labeled as the “relative” displacement between enti-
ties. It is observed that at ZoneA, the difference is null.
At Zone B, the relative displacement reaches a maxi-
mum value (1,85mm for this particular prototype) and
eventually, the relative displacement decreases to zero
at Zone C.
The magnitude of the maximum relative displace-

ment does not give further information about the
potential local buckling of the prototype. If, however,
this magnitude is expressed in terms of the plate thick-
ness, further information may be extracted from this
measure. Fig. 16 shows the maximum relative dis-
placement between nodes expressed as a percentage
of the plate thickness for different CFT (L= 10m,
D= 1m, varying t [10,15,20,25,30,35]mm). The
results are plotted as a function of the D/t ratio. The

Figure 15. Relative displacement between the nodes located
at adjacent positions of the steel plate and concrete core.

Figure 16. Relative displacement as a function of D/t.
L= 10m. D= 1m. fy = 235N/mm2.

Figure 17. Relative displacement as a function of fy.
L= 10m. D= 1m. t= 10mm. D/t= 100.

relationship between both magnitudes is clearly expo-
nential.A best fit curve is also plotted with the results.
This fit is quite accurate according to the regression
coefficient R2=0,992. Noticeably, the higher the D/t
ratio, the higher relative displacement between the
concrete core and the steel plate is. In terms of the
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plate thickness, the results vary ranging from 1% to
18% of t.
Expectedly, the prototype that exhibits a greater

separation between materials presents a D/t= 100.
Unexpectedly though, this relative displacement is
dependent on the yield strength of the tube fy in such
a way that the higher the fy, the lower the separation.
This observation contradicts the EN1994 limitation

D/t< 90·ε2 but is in fully accordance with the results
presented in sub-section 6.1 for compressed members.

7 CONCLUSIONS

On the one hand, the experimental results presented
in this paper show that the ultimate load capacity of
CFT subjected to compressive loads is not particularly
sensitive to the susceptibility to local buckling that is
defined in EN1994.
On the other hand, the numerical results pre-

sented provide a phenomenological insight concerning
local buckling in CFT. Failure modes and structural
responses of CFT subjected to both compressive and
bending loads are described. This insight gives hints
about the pre- and post buckling behavior of CFT.
Preliminary results show that the EN1994 limitation
concerning the susceptibility to local buckling is con-
tradictory to the hitherto observed trends. A more
detailed research program concerning this important
topic is being performed by the research team.
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Concrete filled circular hollow sections under cyclic axial loading
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University of Warwick, UK

ABSTRACT: This paper describes investigations into the structural response of concrete-filledCircularHollow
Sections (CHSs) under cyclic axial loading. The research is based primarily upon laboratory testing. A series
of tests on both hot-formed and cold formed concrete-filled CHSs with a non-dimensional global slenderness
in the region of 1 were conducted to investigate key structural responses including first cycle peak load, post
buckling resistance, reserve strength, ductility level and energy dissipation. Measurements were taken of cross-
section geometry, geometric imperfections andmaterial properties. Key test results and sample load-deformation
histories are presented. The generated structural performance data will be exploited to calibrate the numerical
finite element models which will be used for further parametric studies.

1 INTRODUCTION

A variety of structural systems are used in seismic
buildings to provide lateral stability and dissipate
energy.Among these, concentrically braced frames are
often favoured for simplicity of design. Furthermore,
they are more susceptible to ductile failure modes, in
contrast to moment frames, which often undergo brit-
tle failure at the connection. Rectangular hollow steel
sections are usually selected as bracing members and
a significant amount of research has been carried out
on these to date, such as Nip et al. (2010), comparing
the response of hot-rolled carbon, cold-formed steel
and stainless steel sections under cyclic axial loading.
In addition to this, several researchers have explored
the behavior of concrete-filled steel rectangular sec-
tions, such as Broderick et al. (2005), Lee et al. (2000)
and Liu &Goel (1988). Concrete-filled tubular braces
are becoming increasing popular for this application
owing to their excellent strength and ductility in com-
parison with hollow steel sections. The contribution of
concrete enhances the strength of these slender braces
in compression, delaying the onset of local buck-
ling and reducing the difference in resistance between
compressive and tensile loading.
In practice, circular hollow sections are often over-

looked, since more intricate connections are required.
However, research to date, such as Elchalakani et al.
(2003) and Martinez-Saucedo et al. (2008) have
demonstrated that hollow circular steel members are
also highly suitable for use as bracing members, as
they are not as sensitive to local buckling as rectan-
gular sections owing to the more uniform shape. The
advantages of this section could be utilized further by
using concrete-filled circular hollow sections as brac-
ing members. The homogeneity of confining pressure
on the concrete core and outward pressure on the steel
tube provides the optimum cross-section.

Hence, this research will compare the resistance of
hollow and concrete-filled circular tubes of both hot-
rolled and cold-formed steel. A series of laboratory
tests will be carried out, applying a cyclic axial load
to each specimen in accordance with ECCS guidelines
(1986). Intermediate-length bracing members will be
tested, having a non-dimensional slenderness in the
region of 1.0 in accordance with BS EN-1993-1-1
(2005) and BS EN 1994-1-1 (2004).

2 EXPERIMENTAL STUDY

2.1 Introduction

A series of tensile steel material tests, compres-
sive concrete material tests and column tests under
cyclic axial loading were carried out to investigate
the structural behaviour of concrete-filled circular
hollow sections under cyclic axial loading. All tests
were performed in the Structures Laboratory of the
School of Engineering, University of Warwick.

2.2 Tensile coupon tests

Tensile coupon tests were performed to establish the
basic material stress-strain response; this was subse-
quently utilised during the analysis of the member test
results and in the development of numerical models.
The tests were carried out in accordance with BS EN
ISO 6892-1 (2009).
Two types of steel section were employed for this

research: A hot-finished circular tube with a nomi-
nal yield stress of 355N/mm2 and wall thickness of
3.2mm (Celsius 355) and a cold-formed tube with
a nominal 0.2% proof stress of 355N/mm2 and a
wall thickness of 3.0mm (Hybox 355). Both sections
had an outer diameter of 48.3mm. For each material,
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Figure 1. Tensile coupon locations and dimensions.

Figure 2. Tensile testing set-up.

4 longitudinal coupons were taken from different
locations around the cross-section circumference.
The coupon locations and dimensions are shown in
Figure 1.
The test set-up is shown in Figure 2. The coupon

endswere flattened prior to testing in order to fit inside
the grips of the testing machine. While this process is
thought to have locally work-hardened the end por-
tions, the coupons were dimensioned so as to mitigate
the effect of this hardening on the central region.
Typical stress-strain relationships obtained for both

hot-rolled and cold-formed steel coupons are pre-
sented in Figure 3. The results correlate closely to
those expected, with the hot-rolled steel exhibiting
reasonably linear behaviour up to yield, followed by
a plateau before advancing to the strain hardening
region. The cold-formed steel on the other hand is

Figure 3. Stress-strain relationships from tensile coupon
tests.

Table 1. Results of tensile coupon tests.

Yield stress/ Ultimate

0.2% proof tensile Young’s

stress Stress modulus % elongation

Steel (N/mm2) (N/mm2) (N/mm2) after fracture

Hot-rolled 415 546 206000 37

Cold-formed 499 573 184000 30

significantly more non-linear in the initial stages and
does not display the same plateau as the hot-finished
coupons.
The average yield stress (hot-rolled)/0.2% proof

stress (cold-formed), ultimate stress,Young’s modulus
and percentage elongation after fracture are presented
in Table 1 for both types of steel. In determining the
values, the seam weld-coupon results were omitted.

2.3 Concrete material tests

A number of trial concrete mixes were carried out.
Water-cement ratios and proportions of coarse and fine
aggregate were varied in order to meet two objectives.
The first objective was a compressive strength in the
region of 20–25MPa. This is to meet the minimum
strength requirement of Grade 20 for seismic applica-
tions, specified in BS EN 1998-1. Also, it has been
found that higher concrete strengths do not provide
much benefit – this was shown by Broderick et al.
(2005) for strengths greater than 28MPa. The sec-
ond objective was to achieve satisfactory compaction
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Table 2. Concrete mix proportions by weight.

Water Cement Coarse aggregate Fine aggregate

0.72 1 2.3 2.86

Table 3. Compressive strength and static elastic modulus.

7 day 28 day Test date Static elastic
strength strength strength modulus
N/mm2 N/mm2 N/mm2 N/mm2

17.14 25.1 29.4 20100

for the long, slender tubes. Various methods of vibra-
tion were investigated and an effective procedure was
developed using a beam-vibrator and a rubber mal-
let. Specimens were cast vertically, with the vibrator
clamped onto a loosely bolted steel frame which was
in direct contact with the test specimen. This arrange-
ment was found to provide ample pulsation without
leading to segregation and the method was aided by
gently tapping the sides of the tube with the mallet.
The tubes were filled in layers, with continuous vibra-
tion of the frame during casting and application of the
mallet after each layer. After casting, the tops of the
tubes were sealed with plastic to prevent the escape
of moisture during curing. The design concrete mix is
shown in Table 2.
The concrete mix used a maximum aggregate size

of 6.35mm had a high percentage of water and fine
aggregate. The compressive strength was obtained in
accordance with BS EN 12390-3 (2003) at 7 days,
28 days and the day of testing. In addition to this,
the static elastic modulus on the test date was also
measured. The values for these are given in Table 3.

2.4 Column tests

Cyclic axial tests were performed on six tubular
columns, three ofwhich consisted of hot-finished steel
and the remaining three of cold-formed steel. For
each steel type, one specimen was hollow, while the
remaining two were filled with concrete.

2.4.1 Specimen preparation
All specimens were circular sections, with an outer
diameter of 48.3mm and a length of 1500mm. All
concrete-filled specimens were cast with the concrete
mix given in Table 2 and compacted as described
in Section 2.3. Following casting, both hollow and
concrete-filled tubes were welded onto 25 mm thick
steel end plates, and two outer stiffeners of dimensions
125mm× 50mm× 8mmwere welded onto each end
as shown in Figure 4.
A small hole was drilled in the centre of the end-

plates, in order to facilitate the escape of water vapour
from the tube during welding. After manufacture,

Figure 4. Cyclic test specimen details.

Table 4. List of test specimens and global imperfections.

Global imperfection
Label Steel Infill mm

HR-H hot-finished hollow 0.58
CF-H cold formed hollow 0.73
HR-F1 hot-finished concrete 0.37
HR-F2 hot-finished concrete 0.38
CF-F1 cold formed concrete 0.73
CF-F2 cold formed concrete 0.67

plaster was injected through the hole to fill the gap
between the top surface of the concrete and the
end-plate.
Specimen imperfections were measured at 30mm

intervals along each of four faces, in order to obtain the
maximumglobal imperfection.A list of test specimens
and corresponding maximum global imperfections is
given in Table 4.

2.4.2 Test procedure
Specimens were tested in a purpose-built test rig,
illustrated in Figure 5. The end plates were bolted
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Figure 5. Test-rig and instrumentation.

Figure 6. Cyclic loading protocol.

into the test-rig using six M16 bolts at each end and
a cyclic load was applied using a 50-tonne hydraulic
actuator.
The loading protocol used (Fig. 6) was that out-

lined in ECCS (1986), in which one compression and
tension cycle is applied at each of the following dis-
placement amplitudes: 0.25δy. 0.5δy. 0.75δy. 1.0δy.
followed by three displacement amplitudes at each of
the following 2δy. 4δy. 6δy. 8δy, etc. up to failure,
where δy is the yield displacement of the specimen
obtained from tensile coupon tests.
The axial load and displacement were monitored

throughout the tests and in addition to this, the lat-
eral displacement at mid-height was measured in two
orthogonal directions, and axial strains at 12 points on
the tube – four strain gauges on the four faces (Fig. 7),
at the top, middle and bottom of the specimen. Some
measures were taken to account for slip at connections
and the flexibility of the test rig: HSFG bolts were
utilized at the four corners, and the vertical displace-
ment of the top beam was monitored throughout the
test using an LVDT. This enabled axial displacement
measurements to be adjusted accordingly.

Figure 7. Strain gauge locations.

Figure 8. Deformation and failure of HR-H.

2.4.3 Test results
2.4.3.1 Deformation and failure
All specimens buckled predominantly about the
unstiffened axis, regardless of the direction of the
maximum imperfection.The hollow specimens, HR-H
and CF-H exhibited overall member buckling during
the 5th loading cycle, followed by local inward buck-
ling at mid-height during greater displacement ampli-
tudes. The extent of this local deformation increased
as cycles progressed, until finally a crack propagated
across this region during a tensile loading. Local buck-
ling was mainly concentrated at the mid-height, with
no noticeable buckling at the end regions, for either
HR-H or CF-H. The failure of HR-H is depicted in
Figure 8.
In the case of the concrete-filled tubes, overall buck-

ling occurred in the 5th cycle, similarly to the hollow
tubes. However, as the axial displacement increased,
local inward buckling was delayed by the presence
of the concrete. Curvature at the mid-height was less
severe and distributed over a greater distance, as shown
in Figure 9, allowing it to undergo larger displace-
ment cycles. In contrast to the hollow tubes, in which
the plastic hinge was confined to the mid-height, sig-
nificant bending was also observed at the ends of
the unstiffened length. Specimen HR-F1 showed both
inward and outward local buckling at the mid-height
and base, and eventually ruptured at these locations.
In addition to the buckling, considerable necking was
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Figure 9. Deformation of HR-F1.

Figure 10. Failure at mid-height and base of HR-F1.

observed at the base of HR-F1, which can be seen in
Figure 10.
Specimens HR-F2, CF-F1 and CF-F2 responded in

a similar manner to HR-F1, developing plastic hinges
near the top, middle and base of the specimens. The
severity of local buckling and location of ultimate
steel rupture varied from specimen to specimen, with
HR-F2 failing near the top, and CF-F1 and CF-F-2
failing close to the base. Figure 11 shows the central
and base regions of CF-F2. Here, the local bucking at
mid-height (left) was not as severe as for HR-F1 and
hence rupture occurred at the base.
A summary of the maximum compressive and ten-

sile loads and number of cycles to failure is given in
Table 5. Tensile forces (Nt,max) are normalized with
respect to the expected yield force from the tensile
coupon tests (Nt,y).The first cycle peak buckling loads
(Nc,max) are normalized with respect to the predicted
buckling loads (Nb,Rd) given in BS EN 1993-1-1 and
BS EN 1994-1-1 for the hollow and filled speci-
mens respectively. Non-dimensional slenderness (λ)
and buckling loads were calculated for hot-rolled and

Figure 11. Mid-height region and base of CF-F2 at failure.

Table 5. Maximum numbers of cycles and loads.

No of
cycles to Ntmax Nt,max/ Ncmax Nc,max/Nb,Rd

ID fracture kN Nt,y kN λ (EC3/EC4)

HR-H 17 180 0.96 155 0.78 1.17
CF-H 14 209 0.98 151 0.90 1.43
HR-F1 28 198 1.05 174 0.81 1.14
HR-F2 19 198 1.05 175 0.81 1.15
CF-F1 15 220 1.03 174 0.92 1.18
CF-F2 16 216 1.01 164 0.92 1.11

concrete-filled tubes using buckling curve ‘a’ and for
the hollow cold-formed tube using buckling curve ‘c’.
The maximum tensile loads for both hot-rolled and

cold-formed hollow sections are slightly less than
those predicted from thematerial tests, possibly owing
to softening of the material from previous cycles, or
from the residual out-of-straightness following elon-
gation during buckling. The maximum tensile loads
for concrete-filled specimens slightly exceed the pre-
dicted yield load, with the concrete infill providing
average improvements of 9.4% and 4.1% for hot-
rolled and cold formed filled tubes respectively in
comparison with their hollow counterparts.
The first cycle buckling loads also exceed BS EN

1993-1-1 (2005)/BS EN 1994-1-1 (2004) predictions
in all cases, with the hollow cold-formed section CF-H
displaying a more noticeable increase than the hot-
rolled or filled tubes.

2.4.3.2 Ductility level and energy dissipation
Load-displacement hysteresis curves for each speci-
men are presented in Figures 12–17.
Hot-rolled and cold formed members pro-

duced similar hysteresis curves, showing significant
decreases in compressive and tensile peak loads dur-
ing the second and third cycles at each displacement
amplitude, and gradual degradations in compression
and tension loads with increasing axial displace-
ments. Concrete-filled tubes displayed noticeably
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Figure 12. Load-displacement response for HR-H.

Figure 13. Load-displacement response for CF-H.

Figure 14. Load-displacement response for HR-F1.

Figure 15. Load-displacement response for HR-F2.

fuller shaped curves than hollow members, and the
curve for hot-rolledmembers was also amore rounded
shape than for cold-formed.Also, concrete-filled tubes
maintained a higher compressive resistance and more
stable behaviour up to the maximum compressive
displacement amplitude than hollow tubes. This is
illustrated in Figures 18 and 19 for hot-rolled and
cold-formed members respectively in their 13th
cycles.
The load-displacement relationships show a low

stiffness when loading in tension and a possible expla-
nation for this is the elongation of specimens during
compression cycles,which are then restraighteneddur-
ing tensile loading. Test data shows that a residual
lateral deflection was always present after the initial
buckling, which supports this explanation.

Figure 16. Load-displacement response for CF-F1.

Figure 17. Load-displacement response for CF-F2.

Figure 18. Load-displacement hysteresis for HR-H and
HR-F1 in the 13th cycle.
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Displacement ductility ratios are presented in
Table 6 for each specimen, which is defined as
μ� = δmax/δy, where δmax is the maximum axial dis-
placement.
SpecimenHR-F1exhibited significantly better duc-

tility than the other five specimens.With the exception
of this specimen, values for μ� did not differ between
hollow and concrete-filled specimens. Comparing
hot-rolled and cold-formed steels, it is found that the
former gave a superior performance to the latter in
terms of ductility.
The energy dissipation for each member was eval-

uated using the area under the hysteresis curve and
values are presented in Table 6 for the energy dissi-
pated during the 8th, 11th and 14th cycles, and for the
total energy dissipated per specimen up to failure.
Generally, cold-formed members dissipated more

energy per cycle, as a results of a having a higher yield
stress but did not endure as many cycles as the hot-
rolled specimens, leading to lower overall amounts of
energy dissipation. This is illustrated in Figure 20.
The presence of concrete does not appear to increase

the energy dissipated per cycle, but prolongs the dura-
tion of the specimen enabling it to withstand a greater
number of cycles prior to failure. This is particularly
noticeable for specimen HR-F1, which dissipated a
total of 96 kNm – almost three times greater than
the hollow equivalent, HR-H. Figures 21 and 22
compare the energy dissipated between filled and hol-
low specimens for hot-rolled and void-formed steels
respectively.

Figure 19. Load-displacement hysteresis for CF-H and
CF-F1 in the 13th cycle.

Table 6. Energy dissipated at various stages of testing.

Energy dissipated Energy dissipated Energy dissipated Total
in 8th cycle in 11th cycle in 14th cycle energy

specimen μ� kNm kNm kNm kNm

HR-H 10 2.6 3.5 4.1 33.6
CF-H 8 4.4 5.3 2.5 28.8
HR-F1 16 3.2 4.1 4.8 96.7
HR-F2 10 2.4 3.3 4.0 48.0
CF-F1 8 4.5 5.5 6.1 37.4
CF-F2 8 4.4 5.4 6.1 41.8

Figure 20. Energy dissipation for HR-H and CF-H.

Figure 21. Energy dissipation for hot-rolled test specimens.

Figure 22. Energy dissipation for cold-formed test
specimens.
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3 CONCLUSIONS

It has been shown that concrete-infill enhances
the performance of circular tubular steel members,
although perhaps not to the same extent as rectangular
hollow members. The uniformity of the cross-section
ensures a more stable response, and provides superior
durability under seismic loading.
Now that intermediate-length specimens have been

tested, there is scope for further research looking at the
resistance of longer members, with a non-dimensional
slenderness in the region of 2. The effect of infill and
cross-section shape for more slender circular mem-
bers will need to be explored in a similar manner to
establish relationships between non-dimensional slen-
derness and a variety of parameters, such as ductility,
strength degradation and energy dissipation.
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ABSTRACT: This paper describes 49 experimental tests conducted on rectangular and square tubular columns
filled with high strength concrete subjected to a non-constant bending moment distribution. The test parameters
were the length (2, 3 and 4m), the cross-section aspect ratio (square or rectangular), the wall thickness (4 or
5mm), and the ratio of the top and bottom first order eccentricities r= etop/ebottom (1, 0.5, 0 and −0.5). The
effect of slenderness combined with the influence of variable curvature is compared with the design loads from
Eurocode 4. The results show that for the slender elements of this experimental campaign the code presents an
error close to 4%. It proves that this standard is applicable to high strength concrete, although the concrete tested
is outside the upper bound of Eurocode 4 specifications.

1 INTRODUCTION

The use of normal strength concrete-filled tubu-
lar (CFT) columns has been widespread for some
decades due to their high stiffness, ductility, and
fire resistance, and has been well summarized by
Shams & Saadeghvaziri (1997), Shanmugam &
Lakshmi (2001), Gourley et al. (2008), and more
recently by Zhao et al. (2010). Moreover, the use
of high-strength concrete (f ′c> 50MPa) has become
more frequent due to advances in technology, mainly
those affecting elements subjected to high compres-
sion. However, it was concluded from previous stud-
ies that further experimental tests for high strength
concrete-filled (HSC) columns were necessary,
Gourley et al. (2008).
Different authors stated that as high strength con-

crete is characterized by low dilatation, a substan-
tial confinement effect does not occur (Johansson &
Gylltoft 2001, Zeghiche & Chaoui 2005). Further-
more, for rectangular CFT columns the confinement
is generally neglected due to non-uniform lateral
pressure distribution across the section.
Several authors have presented studies for slen-

der rectangular CFT columns where an axial load is
applied in combinationwith an eccentricity in the load.
In most cases the eccentricity is the same at both ends,
producing a constant bending moment distribution,
i.e. constant curvature. The first tests were performed
by Knowles & Park (1969), followed later by Bridge
(1976). Han (2000) studied tubular columns with a
high slenderness ratio but with normal strength con-
crete, concluding that the strength of the concrete has

very little influence on the ultimate capacity given
that the failure load is governed by the flexural rigid-
ity. Recently Yu et al. (2008) published the results
of research on circular, square, short and long CFTs
filled with high performance self-consolidating con-
crete.The resultswere in agreementwith design values
calculated using different design codes. Also, Han &
Yao (2003, 2004), Lee (2007) andZhang&Guo (2007)
have performed experimental tests combining slender
rectangular CFT columns with HSC and eccentricity.
Though a large body of research for CFT columns

exists, it was found that cases where the eccentricity
is different at both ends of the columns, producing a
non-constant bending moment, were not well studied
in the bibliography. Besides, if one of the eccentricities
is positive and the other negative a double curvature
in the element occurs. This problem directly affects
slender, but not stub, columns as it changes the val-
ues of second order bending moments. Eurocode 4
(2004) provide an equivalent moment factor (β and
Cm respectively) that depends on the type of bending
diagram. Goode (2008) compiled the results of sev-
eral tests, and compared them with Eurocode 4 (2004)
provisions, reaching the conclusion that although for
circular sections the provisions could be extended
to a strength of concrete of 75MPa, more tests are
needed mainly for long circular tubular columns in
combination with a bending moment. He did not
present any results regarding double curvature.
For circular columns, only Kilpatrick & Rangan

(1999), and Zeghiche & Chaoui (2005) have per-
formed tests with different eccentricities at both ends.
In the latter, the test parameters were slenderness,
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eccentricity, and single and double curvature. The
comparison with EC4 provisions results on the unsafe
side for variable curvature. They stated that more
numerical and experimental tests should be performed
to check the validity of the buckling designmethods of
Eurocode 4 (2004) in the case of high strength concrete
for single and double curvature.
The authors compiled and updated the databases

of Kim (2005) and Goode (2008) totaling close to
1400 rectangular experimental tests. From this new
database, it was concluded that there is a lack, both
for normal and high strength concrete, of tests for
columns with non-constant bending moment.
For rectangular columns, Wang (1999) presented

an experimental study where eight tests on normal
strength concrete-filled columnswere carried out with
end eccentricities which produced moments other
than constant curvature bending. He concluded that
Eurocode 4 was safe but very conservative in some
cases.
The authors (Hernandez-Figueirido et al. 2011)

presented previously the first results of an experi-
mental campaign for rectangular CFT columns for
both constant and variable curvature with normal and
high strength concrete but for columns with a length
of 2m and a medium slenderness.
This paper supplements this previous research with

the results of the variable curvature tests for rectangu-
lar columns for cases with different lengths (L= 2, 3
and 4 meters) studying the effect of the slenderness on
high strength concrete-filled columns.The test param-
eters were the length, the type of cross-section, the
thickness (4 or 5mm) and the ratio of the top and
bottom first order eccentricities r= etop/ebottom (1.0,
0.5, 0.0 and −0.5). In these tests the load eccentricity
at the ends is fixed and the maximum axial load of
the column is evaluated and compared with the design
loads from Eurocode 4 (2004).

2 EXPERIMENTAL TESTS

2.1 Introduction

In this experimental program forty-six tests were car-
ried out on high strength concrete-filled columns,
referring to Table 1. Tests were repeated on three
additional columns to demonstrate the reliability
of the experiments, cases 2, 8 and 41, adding up to a
total of forty-nine tests.
The aim of this test matrix was to investigate the

effect that the slenderness of the column in com-
bination with a variable bending moment has on
their behavior, focusing on HSC. The effective buck-
ling lengths of the columns (Lb) are the length of
the tubes plus 135mm, since to obtain the exact
distance between the hinges it is necessary to add
the special assembly length. The nominal cross-
section of the tubes (height h×width b× thickness
t) measured 100× 100× 4mm, 100× 150× 4mm,
100× 150× 5mm, respectively. The thicknesses of

the tubes were selected in order to avoid local buck-
ling following Eurocode 4 (2004).
In this paper the nominal strengths of concrete are

always 90MPa and the axial load is applied with two
different eccentricities at the top (20 or 50mm) to
strong axis bending to avoid any possible interaction
between the strong and weak axes. The initial out-
of-straightness of the steel tubes was not measured
due to its difficulty. However, they accomplish the
European fabrication standard EN 10219 what limits
the maximum value to L/333.
All of the tests were performed in the laboratory

of the Department of Mechanical Engineering and
Construction of the Universitat Jaume I in Castellon,
Spain.

2.2 Material properties

The hollow steel tubes were cold formed and sup-
plied by amanufacturer.The nominal yielding strength
of the steel was 275MPa with an ultimate nomi-
nal strength of 330MPa. However, the real strength
(fy) of the empty tubes was obtained by coupon test
and compression stub section, referring to Table 1.
The modulus of elasticity Es of the steel was set by
European standards with a value of 210GPa.
All columns were cast using concrete batched in the

laboratory obtaining an approximate nominal concrete
strength of 90MPa (HSC). The concrete compressive
strength fc (termed also f

′
c in ASIC code) was deter-

mined from a mean of three 150× 300mm cylinders
using standard tests. All samples were tested on the
same day as the column tests, 28 days, and the results
are given in Table 1.

2.3 Manufacture of the columns

A 350mm× 350mm× 10mm steel plate was welded
to the bottom of each empty steel tube to facilitate the
casting of the fresh concrete and to join the element
to the pinned support assembly. The elements were
then cast in a vertical position and the concrete was
vibrated every 0.5m with a needle vibrator. The tubes
were overfilledwith 1 cmof concrete and later covered
with wet cloth. Prior to the test, the residual layer of
concrete was smoothed and the columns were sealed
off with another similar welded plate to ensure perfect
contact between the plates and the steel and concrete
core.

2.4 Test setup and procedure

The specimens were tested in a special 5000 kN capac-
ity testing machine in a horizontal position, Figure 1.
The eccentricity of the compressive load applied

was equal at both ends in some cases (20mm or
50mm), so the columns were subjected to constant
curvature bending, whereas in the remaining cases a
non-constant bending moment was produced.
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Table 1. Tests properties and results.

Test b h t L (mm) etop (mm) ebot (mm) r fy (MPa) fc (MPa) Nexp (kN)

1 100 100 4 2135 20 −10 −0.5 346 92 737
2 100 100 4 2135 20 −10 −0.5 371 93 758
3 100 100 4 2135 20 0 0 363 89 652
4 100 100 4 2135 20 10 0.5 280 93 525
5 100 100 4 2135 20 20 1.0 375 88 490
6 100 100 4 2135 50 25 0.5 358 87 383
7 100 100 4 2135 50 50 1.0 358 91 321
8 100 100 4 2135 50 50 1.0 371 93 323
9 100 100 4 3135 20 −10 −0.5 353 97 502
10 100 100 4 3135 20 0 0 363 92 410
11 100 100 4 3135 20 10 0.5 280 86 363
12 100 100 4 3135 20 20 1.0 375 74 381
13 100 100 4 3135 50 −25 −0.5 358 96 357
14 100 100 4 3135 50 0 0 346 92 316
15 100 100 4 3135 50 25 0.5 358 90 218
16 100 100 4 3135 50 50 1.0 292 87 230
17 100 100 4 4135 20 −10 −0.5 280 88 367
18 100 100 4 4135 20 10 0 280 96 254
19 100 100 4 4135 20 20 1.0 280 94 220
20 100 100 4 4135 50 25 0.5 369 92 184
21 150 100 4 2135 20 −10 −0.5 268 93 945
22 150 100 4 2135 20 0 0 280 90 926
23 150 100 4 2135 20 10 0.5 342 90 850
24 150 100 4 2135 20 20 1 298 86 804
25 150 100 4 2135 50 25 0.5 424 90 463
26 150 100 4 2135 50 50 1 341 77 466
27 150 100 4 3135 20 −10 −0.5 280 91 690
28 150 100 4 3135 20 0 0 280 84 562
29 150 100 4 3135 20 10 0.5 342 89 501
30 150 100 4 3135 20 20 1.0 298 84 460
31 150 100 4 3135 50 −25 −0.5 308 92 502
32 150 100 4 3135 50 0 0 362 91 430
33 150 100 4 3135 50 25 0.5 312 91 287
34 150 100 4 3135 50 50 1 341 89 309
35 150 100 5 2135 20 −10 −0.5 304 93 104
36 150 100 5 2135 20 0 0 370 89 106
37 150 100 5 2135 20 10 0.5 424 86 981
38 150 100 5 2135 20 20 1.0 459 83 935
39 150 100 5 2135 50 25 0.5 293 85 526
40 150 100 5 2135 50 50 1.0 368 84 528
41 150 100 5 2135 50 50 1 336 92 458
44 150 100 5 3135 20 −10 −0.5 336 91 692
43 150 100 5 3135 20 0 0 370 79 690
44 150 100 5 3135 20 10 0.5 424 85 622
45 150 100 5 3135 20 20 1.0 459 91 573
46 150 100 5 3135 50 −25 −0.5 306 85 548
47 150 100 5 3135 50 0 0 396 87 456
48 150 100 5 3135 50 25 0.5 332 91 328
49 150 100 5 3135 50 50 1.0 368 82 381

It was necessary to build up special assemblies
at the pinned ends to apply the load with different
eccentricities while maintaining the column in a
horizontal position, Fig 1.b, and c.
This figure presents a general view of the test

for a 2-meter-long specimen where a special anti-
torsion steel frame was built in order to avoid bottom
hinge torsion rotation. Five LVDTs were used to sym-
metrically measure the deflection of the column at
mid length (0.5 L) and also at four additional levels
(0.25 L, 0.37 L, 0.625 L, 0.75 L).

Once the specimen was put in place, it was tested
using a displacement control protocol in order to
measure post-peak behavior.

3 RESULTS

3.1 Force displacement

Table 1 lists the maximum axial load (Nexp) for the
forty-nine tests.
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Figure 1. General view of the tests.

For a better understanding of the influence
of the second order effects, Fig. 2 presents the
force-displacement curves for square cross-section
(100× 100× 4) and for tests with different lengths,
but only with opposing eccentricity ratios r= 1.0 and
−0.5 for simplicity.
The top eccentricity etop = 20mm is presented in

Fig. 2a and the top eccentricity etop = 50mm is pre-
sented in Fig. 2b in order to study the effect of this
parameter on global behavior. It is worth noting that
there is a lower number of tests with etop = 50mm.
In these tests, the general tendency of the curves
is as expected: for a given length when the eccen-
tricity at the bottom (minimum) is decreased (from
r= 1 to r= −0.5), therefore producing variable cur-
vature, Fig. 2a, the maximum load is increased (and
the midspan lateral displacement reduced) because
the second order bending moment is reduced. Also,

Figure 2. Axial load versus midspan displacement.

if cases with the same eccentricity ratio but differ-
ent lengths are compared, the maximum axial load is
higher if the length is lower.
It is interesting to observe that ductile post-peak

behavior is achieved for all cases, but it is always
slightly reduced for cases with lower length in com-
parison to those with higher length, that is, the slope of
the descending branch is more pronounced for lower
slenderness. Moreover, the cases with r= −0.5 differ
from the cases with r= 1.0 in the descending branch.
The slope is more gradual for cases with constant
curvature than for those with variable curvature.
From Table 1, it can be observed that the load is

obviously increased when the width or thickness of
the tube is increased. The results show for the limited
cases analyzed that the slenderness of the section, i.e.
width to thickness ratio (B/t), has a lesser effect than
directly increasing the area of concrete.
To complete the previous graph, Fig. 3 presents

the maximum load Nmax in terms of eccentricity ratio
(etop/ebot) for all tests with the smaller section. From
this figure it can be noted that the difference in the
ultimate axial load is higher among the cases of 2 and
3 meters than among the cases of 3 and 4 meters.
It is also possible to observe that this difference is

higher for the cases of r= −0.5 than for those where
r= 1.0. This is because the problem is clearly gov-
erned by the second order effects and the variable
bending moment has a higher effect in the cases with
lower slenderness.Amore in-depth examinationof this
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Figure 3. Axial load versus eccentricity ratio.

statement will be presented in the following sections
comparing different cases of etop/ebottom.

3.2 Observation of the deformed shape

The deformed shape obtained from the 5 LVDTs is
not presented in this paper for simplicity. However,
from its study, it can be affirmed that the displace-
ments are always in the same direction even in the
case of double curvature (r= −0.5). It can be noted
that for constant curvature themaximumdisplacement
is achieved in the midspan section, producing a sym-
metrical deformed shape while for double curvature
the maximum displacement is located to the left of the
midspan section, i.e. closer to the higher eccentricity,
producing an unsymmetrical deformed shape.
It is interesting to note that the behavior in terms of

the length is different for constant and variable cur-
vature. While for r= 1 the maximum displacement
is achieved for L= 4135mm and a lower one for
L= 2135mm, for r= −0.5 the maximum displace-
ment is achieved for L= 3135mm and a lower one
for L= 4135mm, which was initially surprising.
It can also be inferred that for the case of L= 4

meterswith r= −0.5 the second order effects are lower
and the first order curvature (variable) which depends
on the length is higher in comparisonwith r= 1.0.This
results in the element trying to bend in the negative
direction, drastically reducing the lateral deflection.

4 COMPARISONWITH EUROCODE 4
(CEN 2004)

The design of normal-strength concrete-filled tubu-
lar columns has to be carried out in Europe following
Eurocode 4 (2004) which limits the cylinder strength
of concrete to 50MPa for columns. The experiments
in this study aim to clarify whether Eurocode 4 is
still applicable to 90Mpa, and also whether the sec-
ond order effects, which depend on the slenderness
and the eccentricity ratio, are correctly accounted for.
This standard affirms that within the column length,
second order effects may be allowed for by multiply-
ing the greatest first order design bending moment
(MEd =N·etop) by an amplification factor. In addition,

Table 2. Calculation of second
order effects in Eurocode 4.

the value of the MEd is incremented in Eurocode 4
including the influence of the member imperfection,
e0 =L/300. Table 2 summarizes a comparison of the
equations for calculating the second order effects. The
remaining part of the description of the design method
(interaction diagrams) is not included for simplicity.
Since these test specimens are rectangular, the

increment in the resistance of the cross-section due
to the confinement effect is ignored and the partial
safety factor for steel and concrete is fixed at 1.Table 3
presents a comparison between the experiments
(Nexp) and the design load of Eurocode 4 (NEC4).
From Table 3 and Fig. 4 it can be stated that for

Eurocode 4 (2004) some of the cases are on the unsafe
side (Nexp/NAISC< 1) and others are on the safe side
(Nexp/NAISC> 1), reaching a mean value of 1.04 and a
standard deviation of 0.10 was obtained.
It is worth noting that the concrete tested is out-

side of the upper bound of Eurocode 4 specification.
It can be also observed that the cases with higher
axial load are always on the safe side.
From a detailed study of Table 3 it can be inferred

that Eurocode 4 is safer for r= −0.5 than for r= 1.0 if
the same length is studied. Also the ratio (Nexp/Ncode)
error increases in the unsafe side if the length or the
eccentricity increases. However there are particular
cases for Eurocode 4 code which present excessive
unsafe errors. It corresponds to the cases where the
second order effects are more important and are due
to an overestimation of the flexural stiffness E·I. This
indicates that the equation of the stiffness of the
section E·I needs correction. Some authors as for
instance Tikka and Mirza (2006) have proposed that
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Table 3. Error of Eurocode 4.

T b h t L (mm) etop (mm) ebot (mm) r Nexp (kN) NEC4 (kN) Nexp/NEC4

1 100 100 4 2135 20 −10 −0.5 737 655 1.12
2 100 100 4 2135 20 −10 −0.5 758 655 1.15
3 100 100 4 2135 20 0 0 652 611 1.06
4 100 100 4 2135 20 10 0.5 525 522 1.00
5 100 100 4 2135 20 20 1.0 490 511 0.95
6 100 100 4 2135 50 25 0.5 383 347 1.10
7 100 100 4 2135 50 50 1.0 321 293 1.09
8 100 100 4 2135 50 50 1.0 323 301 1.07
9 100 100 4 3135 20 −10 −0.5 502 450 1.11
10 100 100 4 3135 20 0 0 410 409 1.00
11 100 100 4 3135 20 10 0.5 363 356 1.01
12 100 100 4 3135 20 20 1.0 381 345 1.10
13 100 100 4 3135 50 −25 −0.5 357 332 1.07
14 100 100 4 3135 50 0 0 316 303 1.04
15 100 100 4 3135 50 25 0.5 218 256 0.85
16 100 100 4 3135 50 50 1.0 230 208 1.10
17 100 100 4 4135 20 −10 −0.5 367 287 1.27
18 100 100 4 4135 20 10 0 254 257 0.98
19 100 100 4 4135 20 20 1.0 220 254 0.86
20 100 100 4 4135 50 25 0.5 184 194 0.94
21 150 100 4 2135 20 −10 −0.5 945 829 1.14
22 150 100 4 2135 20 0 0 926 798 1.16
23 150 100 4 2135 20 10 0.5 850 777 1.09
24 150 100 4 2135 20 20 1 804 669 1.20
25 150 100 4 2135 50 25 0.5 463 503 0.92
26 150 100 4 2135 50 50 1 466 402 1.15
27 150 100 4 3135 20 −10 −0.5 690 576 1.19
28 150 100 4 3135 20 0 0 562 522 1.07
29 150 100 4 3135 20 10 0.5 501 515 0.97
30 150 100 4 3135 20 20 1.0 460 453 1.01
31 150 100 4 3135 50 −25 −0.5 502 431 1.16
32 150 100 4 3135 50 0 0 430 403 1.06
33 150 100 4 3135 50 25 0.5 287 335 0.85
34 150 100 4 3135 50 50 1 309 308 1.00
35 150 100 5 2135 20 −10 −0.5 104 962 1.08
36 150 100 5 2135 20 0 0 106 959 1.11
37 150 100 5 2135 20 10 0.5 981 888 1.10
38 150 100 5 2135 20 20 1.0 935 838 1.11
39 150 100 5 2135 50 25 0.5 526 515 1.02
40 150 100 5 2135 50 50 1.0 528 475 1.11
41 150 100 5 2135 50 50 1 458 475 0.96
44 150 100 5 3135 20 −10 −0.5 692 673 1.02
43 150 100 5 3135 20 0 0 690 615 1.12
44 150 100 5 3135 20 10 0.5 622 593 1.04
45 150 100 5 3135 20 20 1.0 573 581 0.98
46 150 100 5 3135 50 −25 −0.5 548 499 1.09
47 150 100 5 3135 50 0 0 456 485 0.93
48 150 100 5 3135 50 25 0.5 328 404 0.81
49 150 100 5 3135 50 50 1.0 381 359 1.06

Avg. 1.04

the flexural stiffness E·I must dependent not only on
the material and geometry but also on the eccentricity
and the slenderness.

5 CONCLUSIONS

The paper describes forty-nine experimental tests
conducted on rectangular and square tubular columns

filled with high strength concrete subjected to axial
load and a non-constant bending moment distribution.
The following conclusions can be summarized:

– For a given length, when the eccentricity at the
bottom (minimum) is decreased (from r= 1.0 to
r= −0.5), therefore producing variable curvature,
the maximum load is increased (and the midspan
lateral displacement reduced) since the second
order bending moment is reduced. It is interesting
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Figure 4. Predicted load of Eurocode 4 versus experimental
load.

to observe that ductile post-peak behavior is
achieved for all cases, but is always slightly reduced
for cases with lower length in comparison with
higher length, that is, the slope of the descending
branch is more pronounced for lower slenderness.
Moreover, the cases with r= −0.5 differ from those
with r= 1.0 in the descending branch. The slope
is more gradual for cases with constant curvature
than for those with variable curvature.

– For longer elements, the problem is clearly gov-
erned by the second order effects and the variable
bending moment has a higher effect for lower
slenderness.

– It is interesting to observe that the behavior in
terms of the length is different for constant and
variable curvature. While for r= 1 the maximum
displacement is achieved for L= 4135mm and the
lower one for L= 2135mm, for r= −0.5 the max-
imum displacement is achieved for L= 3135mm
and the lower one for L= 4135mm, which was
initially surprising. But it can be inferred that for
the case of L= 4 meters with r= −0.5 the second
order effects are lower and the first order curvature
(double), which depends on the length, is higher
in comparison with r= 1.0. This results in the ele-
ment attempting to bend in the negative direction
drastically reducing the lateral deflection.

– Second order effects depend not only on the slen-
derness but also on the eccentricity and the first
order bending moment, which agrees with the pro-
posal by other authors (Tikka and Mirza 2006) to
combine all the effects together inside the defini-
tion of the stiffness E·I, making this dependent not
only on the materials and the section, but also on
the slenderness and the eccentricity.

– The experimental ultimate load of each test was
compared with the design loads from Eurocode 4,
presenting an average error close to 5%.The results
show for the limited cases tested that this code is
applicable to high strength concrete.

– However there are particular cases which present
excessive unsafe errors. It corresponds to the cases
where the second order effects are more important
and are due to an overestimation of the flexural
stiffness EI. This result indicates that the equa-
tion of the flexural stiffness of the section E·I in

combination with the equivalent moment factors
(β) need correction.
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Static behavior of T-shaped concrete-filled steel tubular columns
subjected to eccentric compressive loads
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ABSTRACT: Special-shaped column frame structures improve residential architectural space, by eliminating
the exposure of column corners to indoor space. Due to improvement in constraint effect for concrete, special-
shaped Concrete-Filled Steel Tubular (CFST) columns are expected to have advantages in mechanical behavior.
In the meanwhile, steel plates’ premature local buckling and concave corner’s separation between steel tube and
concrete should be given more attention.The tensile bar stiffener, welded on inside tube surfaces, was introduced
in this paper. Experimental study of 4 T-shaped columns subjected to eccentric compressive loads was carried
out. Parametric impact analysis was emphasized on the constraint effect, the eccentricity and the specimen
type. Failure modes and static mechanical properties were investigated. Experimental results showed that: the
tensile bar stiffener effectively restrains the deformation at welds of steel plates and concave corners; the CFST
specimens are provided with better comprehensive mechanical performance, especially for the stiffened CFST
specimens.

1 INTRODUCTION

Columns in traditional frame structures, with cor-
ners extended into indoor space, normally have larger
cross-sectional depths than those of adjacent infilled
walls, leading to the reduction of usable utilization
area and disturbance to indoor environment (Figure 1).
Recently, special-shaped columns, as an improved
architectural approach, have been increasingly intro-
duced into residential and commercial buildings.
Smooth jointing of special-shaped columns and adja-
cent infilled walls guarantees the efficiency of indoor
space and useability of corner locations (Figure 2).
Systematic research and extensive engineering

practice is mainly on the RC special-shaped column.
Early studies focusedon the static behavior ofT-shaped

Figure 1. Joints in frame structure with rectangular columns.

and L-shaped stubs, subjected to axial compressive
load and biaxial eccentric compressive load, based on
which, resistance interaction curves for practice were
proposedby Joaquin (1979), Cheng & Hsu (1989),
Mallikarjuna & Mahadevappa (1992), Dundar &
Sahin (1993) and Yau (1993). Since 2000, with the
development of housing industry in China, further
study carried out extensively by Chinese researchers,
such as Zhang &Ye (2003), Cao (2005) and Wang &
Shen (2006), has concentrated on the comprehen-
sive static and seismic behavior, especially for mem-
bers in structural systems, directly for engineering
applications.
The irregularity in cross section of special-shaped

column brings about disadvantages in mechanical
behavior, and leads to limitations in its seismic
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Figure 2. Joints in frame structure with special-shaped columns.

performance: only apply to 8-degree seismic fortifi-
cation zone (0.2 g) or below, and subjected to rigor-
ous applicable maximum building height restrictions,
compared with that of rectangular columns. These
limitations are based on the China National code –
Technical specification for concrete structures with
specially shaped columns (JGJ 149-2006/JGJ 514-
2006), which focuses on the special-shaped columns.
Scholars in China have engaged in research and

promotion of special-shaped composite columns to
improve their seismic behavior, e.g. CFST and steel
reinforced concrete (SRC) columns. Research on
special-shaped CFST columns have focused on post-
poning the buckling of steel tubes and the constraint
effect for concrete, therefore stiffeners were employed
in the special-shaped tube. Pulled binding bars by
Cai & He (2008) and ribs by Chen (2003) were
adopted in axially loaded test research on T-shaped,
L-shaped CFST stubs; bar stiffeners researched by
Wang et al. (2009) and Yang et al. (2010) were intro-
duced in static and pseudo static experiments, and
preliminary achievements were made. The research
mentioned above, nevertheless, is inadequate for engi-
neering application and complementary systematic
research should be carried out.
An experiment on T-shaped CFST columns sub-

jected to eccentric compressive load was carried out
in this paper. Tensile bar stiffeners were introduced in
CFST specimens to postpone the tubes’buckling. Fail-
ure modes and static behavior of the specimens were
investigated, and mechanical behavior of specimens
was properly evaluated.

2 EXPERIMENTAL STUDY

2.1 Details of specimens

An experiment on T-shaped columns subjected to
eccentric compressive load was carried out. Spec-
imens, basic information of which is summarized
in Table 1, consist of 4 eccentrically loaded spec-
imens. Except for specimen type, the eccentricity
parameter, deviating toward the web, was investigated.
Restricted by loading device and measuring appara-
tus, specimens were designed with similarity ratio of
1:2, with the length of specimens being 1500mm.
The cross sectional dimensions and constituents are
demonstrated in Figure 3.

Table 1. Parameters of specimens.

Eccentricity
Specimen Specimen type (mm)

TEC Reinforced concrete 50
TES Concrete-filled steel tube 50
TESS-1 Stiffened concrete-filled steel tube 25
TESS-2 Stiffened concrete-filled steel tube 50

To postpone or restrain local buckling of T-
shaped tubes, tensile bars as stiffeners were welded
on the internal tube surfaces and concave corners,
with longitudinal weld spacing of 100mm and with
cross sectional distribution shown in Figure 3c. The
tensile bar employs straight hot-rolled plane bars.
Holes, on the tube, with diameters slightly larger than
those of the stiffeners, were drilled and reserved for
the stiffeners to pass through and to be welded at
both ends.

2.2 Material properties

According to the Chinese National standard –
Metallic materials-tensile testing at ambient temper-
ature (GB/T228-2002), mechanical properties of the
steel plate and reinforcement bar were tested, and
their material properties are collected in Table 2 and
Table 3.

2.3 Experimental devices and
measuring apparatus

The experiment was carried out at the Structural
and Seismic Test Research Center, Harbin Institute
of Technology. A 500t computerised OSD hydraulic
pressure presswas used as the loading device, with two
articulated rigid loading pads at the top and bottom, in
which the bottom pad lifted the specimen and the top
kept motionless.
In the eccentrically loaded specimen experiment,

a knife-edge articulation system was sandwiched
between the loading pad and specimen, to simulate
articulated boundary conditions. The knife-edge artic-
ulation system consists of two close engaged parts:
one rigid steel plate with a centered triangular convex
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Figure 3. Cross-sectional dimensions of specimens.

Table 2. Material mechanical properties of RC specimens.

Longitudinal bar Stirrup
Concrete

Yielding strength Diameter Yielding strength Diameter Prismatic compressive strength
Specimen (N/mm2) (mm) (N/mm2) (mm) (N/mm2)

TEC 353 12.1 373 6.5 37.5

Table 3. Material mechanical properties of CFST specimens.

Steel tube Stiffener
Concrete

Yielding strength Thickness Yielding strength Diameter Prismatic compressive strength
Specimen (N/mm2) (mm) (N/mm2) (mm) (N/mm2)

TES 315 3.49 — — 37.5
TESS-1/2 315 3.49 304 8.0 37.5

Figure 4. Loading devises and measuring apparatus in eccentric compressive test.

fixed on the loading pad and another rigid steel plate
with saw-tooth triangular concaves fixed on the spec-
imen. The magnitude of eccentricity is adjusted with
different engaged location of triangular convex on the
saw-tooth triangular concaves (shown in Figure 4).

The actual load was real-time monitored on the
pressure press and recorded every loading step. Dis-
placement sensors were arranged to measure vertical
displacement (shown in Figure 4). Five dial gauges
were arranged in a deforming plane, quartering the
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Figure 5. Experimental phenomenon.

specimen length, to measure its lateral displacement
at different heights. Three dial gauges were arranged
perpendicular to the deforming plane, to verify
whether the specimen deformed uniaxially (shown in
Figure 4).

2.4 Test phenomenon

For the eccentrically loaded CFST specimens, failure
regions were mainly located in the mid-span of speci-
mens, where the curvature of deformed axis was larger
than any other region, due to articulated boundary
conditions.
Depending on the off-center direction of vertical

load and boundary conditions, the failure mode of
steel tube in CFST specimens is embodied by steel
plate buckling near the mid-span of specimens. The
steel plates, far away from section center or with large
width-to-thickness ratio in compressive web region,
buckled at ascending stage and developed severely
during descending stage (Figure 5b, c).
In the RC specimen TEC, the web is crushed more

severely than the flange. Diagonal cracks occurred in
the web, and propagated to the web margin and the
concave corner, resulting in concrete spallation in the
web margin and vertical cracks in concave corners
(in Figure 5a, d).
Compared with RC specimen TEC, the concrete

failure mode is alleviated and the confinement pro-
vided by tubewas relatively large in specimenTES, but
the interaction between steel tube and core concrete

is still insufficient. Only slightly damaged concrete
located in compressive region and superficial cracks
in concave corner revealed that the concrete compres-
sive strengthwas inadequately utilized, especially after
steel tube’s premature local buckling. By removing
the steel tube, it was observed that crushed concrete
expansion failed to overcome tubular out-of-plane
deformation, resulting in separation between concrete
and tube at buckle positions and even at concave
corners. The separation resulted in two materials
working individually and no complete exploration of
material strength can be reached (Figure 5b, e).
For stiffened specimens TESS-1 and TESS-2, con-

crete was damaged in local crushed mode more seri-
ously than that in non-stiffened specimen TES, i.e.
no obvious diagonal cracks but large-area serious
cracks.The crushed concrete was located between two
adjacent stiffener welds, while concrete near welds
showed less damage, which indicates that stiffeners
restrain the neighboring steel tube to provide more
confinement for concrete. There was rarely separation
between concrete and tube and their good interac-
tion improved the exploration of material strength
(Figure 5c, f).

3 ANALYSIS OF EXPERIMENTAL RESULTS

There are three points featuring mechanical properties
on load-displacement relationship curves. The three
points are respectively the yielding point (Uy, Py), the
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Figure 6. Comparison of vertical load-horizontal displacement curves of specimens.

Table 4. Test results.

Yielding Yielding Peak Ultimate
displacement resistance resistance Resistance displacement Ductility Ductility

Specimen (mm) (kN) (kN) enhancement (mm) factor enhancement

TEC 5.34 1603 1740 1.00 10.40 1.95 1.00
TES 2.86 1660 1739 1.00 9.12 3.10 1.59
TESS-1 3.04 2188 2597 1.49 20.01 6.59 3.38
TESS-2 4.39 1818 2120 1.22 19.59 4.46 2.29

peak point (Up, Pp) and the ultimate point (Uu, Pu).
The ultimate point is the point with 85% of peak resis-
tance during descending stage. Nominal resistance Pn
is the superposition resistance of concrete and steel
based on their strengths. Ductility factor μ is defined
as the ratio of the ultimate displacement Uu to yielding
displacement Uy.
Combining the experimental phenomenon with the

mechanical properties, the mechanical behavior of
specimens subjected to eccentric loadwas investigated
and analyzed in the Figure 6 and Table 4.
The behavior comparison of specimens with the

same eccentricity is presented as below. The stiffened
CFST specimen TESS-2, due to its greater confine-
ment for concrete, was provided with an enhancement
over the RC specimenTE1: 13% increase in the yield-
ing resistance, 22% increase in the peak resistance and
129% increase in ductility factor.
By arranging stiffeners in T-shaped tube, the con-

finement and static behavior under eccentric com-
pressive load of specimen TESS-2 is substantially
enhanced, compared with that of TES. Figures in
Table 4 show the enhancement in peak resistance
(22%) and ductility factor (44%), which attributes to
the outstanding mechanical efficiency of tensile bar
stiffeners.
For stiffened CFST specimens (TESS-1 and TESS-

2), with the eccentricity decreasing, the TESS-1 has
an increase over TESS-2 in yielding resistance (20%),
peak resistance (23%) and ductility factor (48%).
Eccentricity’s impact can be explained with sectional
stress distribution.Due to second-order effect, with the
eccentricity increasing, the mid-span sectional stress
distribution was transformed from total compression

to partial compression and tension, which reduces the
elastic stiffness, elastic-plastic stiffness, peak resis-
tance and ductility.

4 CONCLUSIONS

1. The T-shaped CFST specimens are provided with
higher resistance and better ductility, compared
with that of T-shaped RC specimen.

2. The tensile bar stiffener proposed in this paper
can postpone steel tube’s buckling and enhance
confinement for concrete.
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Time effects on the static response of concrete filled steel tubular arch
bridges

Y. Geng, X.R. Wu &Y.Y. Wang
School of Civil Engineering, Harbin Institute of Technology, Harbin, China

G. Ranzi
School of Civil Engineering, The University of Sydney, Sydney, Australia

ABSTRACT: This paper presents a finite element model implemented in ABAQUS to investiagte the long-
term behaviour of CFST arch bridges and to highlight the influence of time effects on the overall structural
response considering the construction sequence and geometric nonlinearities. The numerical results presented
in the paper are based on a particular case study which consists of the Dong-GuanWaterway bridge. The ability
of the proposed approach to predict the long-term response of CFST arch bridges has been validated against
site measurements recorded during construction. It has been observed that the time-dependent behaviour of the
concrete has a significant effect on displacements, stress distributions, and bending moment diagrams of CFST
arches during construction and in service, while highlighting the importance of accounting for the actual times
of loading when inserting applied actions in the analyses and for the presence the live loads.

1 GENERAL INSTRUCTIONS

Concrete-filled steel tubular (CFST) arch bridges have
been gaining popularity because of their high com-
pressive strength as well as efficiency in construction.
Since 1990, there have been more than 300 CFST arch
bridges built inChina, amongwhichmore than 85 have
a span longer than 150m.The world longest one is the
He Jiang bridge with a span of 529m. With the cur-
rent trend towards longer and slender bridges there is a
need to ensure that the time-dependent behaviour does
not compromise the design of these structural systems
and its influence on the overall response needs to be
evaluated.
Extensive research has been carried out to date to

study the long-term response of CFST arch bridges.
Numerical studies have been performed to evaluate
the long-term behaviour of arch bridges, e.g. (Wang
et al. 2007; Shao et al. 2010). Zhang (2007) developed

Figure 1. Elevation view for Dong-Guan Waterway Bridge (Unit: m).

a finite element model in ANSYS to predict the
long-term response of a CFST arch bridge with con-
siderations on possible loading histories undergone by
the core concrete. In his analysis, the bending moment
on the arches was assumed to have no contribution on
the long-term response. Very recently, Pi et al. (2011)
and Bradford et al. (2011) proposed a theoretical for-
mulation to predict the occurrence of creep buckling in
CFST arches at service conditions. In particular, these
studies focussed on the in-plane behaviour and buck-
ling of shallow/deep CFST circular arches. All these
studies concluded that time effects have a significant
influence on displacements and stress distributions in
CFST arch bridges.
This paper presents the results of a numerical model

implemented in ABAQUS to describe the long-term
behaviour of CFST arch bridges, using theDong-Guan
Waterway bridge (Figure 1) as a case study, and
to highlight the influence of time effects on the
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Figure 2. Cross-section of main arch (Unit: cm).

overall structural response considering the construc-
tion sequence and geometric nonlinearity. The time-
dependent behaviour of the concrete is modelled by
means of EC2 (BSI 2004) which is implemented in
ABAQUS by means of the UMAT subroutine. The
accuracy of the proposed approach is validated against
site measurements recorded during the construction
of the bridge. A parametric study is then presented to
highlight the importance of accounting for the con-
struction sequence and including live loads in the
analysis when determining the long-term response of
CFST arch bridges.

2 DESCRIPTION OF THE STUDY CASE

The Dong-Guan Waterway Bridge is a half-through
CFST arch bridge with main span length of 280m
(Figure 1). The distance between the two arch ribs is
19.5m. The catenary main arch ribs have the rise over
span ratio of 1/5. Thirteen wind braces, i.e. one I-type
wind brace at the arch crown and twelve K-type ones
located symmetrically with respect to the arch crown,
are placed between the arch ribs to ensure the lateral
stability of the bridge during construction and service
life.
The cross-section of the main arch is illustrated in

Figure 2. The top and bottom chords consist of two
horizontal dumbbell-shaped CFSTmembers while the
truss webs are formed with diagonal and vertical
hollow steel tubes.
The yield strength of the steel specified for arch ribs

and wind braces is 345MPa and the encased core con-
crete has a cylinder characteristic compressive strength
(fck ) of 40MPa. The remaining parts of the bridge are
constructed with reinforced concrete.
Flexible ties pass through the springings of themain

arch and are anchored to the rigid endbeams.These ties
are particularly useful during construction to control
the displacement of the arch springing.
The arches are supported by bored reinforced con-

crete piles (Figure 1) embedded in the slightly weath-
ered mudstone. The rigid cast-in-situ end beams at the
crown of the side arches are supported by pot rubber
bearings.

Figure 3. Stress-strain curve for steel under uniaxial stress.

3 FINITE ELEMENT MODELING

3.1 Basic assumptions

A finite element model is developed in ABAQUS to
describe the long-term behaviour of CFST arch bridge
and is applied in the following for the analysis of the
Dong-GuanWaterwayBridge.The numericlamodel is
based on full shear interaction theorywith perfect bond
between the concrete and steel components. Plane sec-
tions remain plane before and after loading (i.e., linear
strain distribution).

3.2 Material properties

The time-dependent behaviour of the concrete is
represented based on the EC2 model (BSI 2004)
and included in the analysis based on the step-by-
step procedure. The latter has been implemented in
ABAQUS using the UMAT subroutine. The time-
dependent behaviour of the concrete is assumed to
be identical in both compression and tension, usu-
ally acceptable for stress levels less than about one
half of the strength of the concrete, as recommended
in Gilbert & Ranzi (2011). In this study, the stress
levels in the arch ribs at service conditions are suffi-
ciently low to remain within the framework of linear
creep. No cracking can occur in the core concrete
and creep due to shear stresses is ignored. The sealed
conditions of the core concrete have been included
in the concrete model specifying a nil value for the
exposed perimeter. For the nonlinear behaviour of
the concrete it is assumed that it carries no tensile
stresses. For this purpose, the nonlinear constitutive
equations proposed by Han (2007) are adopted on
the analysis. Possible confinement effects are consid-
ered at a particular cross-section when compressive
stresses become greater than 55% of the compressive
strength.
The steel response is described by the five-phase

stress-strain curve shown in Figure 3 (Han 2007). The
material coefficients are based on (Zhong 1994).
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3.3 Structural modelling

All members of the main arch ribs are represented
using Timoshenko beam elements B31 available in
ABAQUS, except for the hollow steel tubular webs
which are modelled by means of truss elements T3D2.
B31 is also adopted to simulate the side arches, the
columns supporting the transverse beams at the side
arches, the transverse and longitudinal beams, and
the piles. The ties and the suspenders are described
with truss elements T3D2 while enabling the ele-
ment to carry only tensile forces. Changes in the axial
forces induced in the ties during the construction are
implemented by varying the air temperature at each
construction step.The deck slabs are built with 4-node
shell elements S4.
The ‘Model Change’ technique is adopted to simu-

late the variation of the stiffness for arch ribs during the
construction. The analysis work carried out by Geng
et al. (2010) has shown that the assembling process of
the hollow steel arch ribs does not significantly affect
the stress and the profile of arch ribs at the comple-
tion of construction. Because of this, the construction
process considered in the following starts at the clo-
sure of the hollow steel tubular arches. In particular,
the measurement used as benchmark are related to this
time, i.e. closure of the arch, before the loosening of
the tiebacks.Tomodel the segmental construction pro-
cedure for the pumping of the core concrete in arches,
the concrete core and the steel tubes are built sepa-
rately. The various components of the cross-sections
have been connected by means of rigid bars to ensure
plane sections remain plane.
Different mesh sizes have been investigated to iden-

tify a reasonable mesh that provides accurate results
while minimising computational time. Based on this
the main arch has been discretised into 56 elements.
The piles are fixed at their bottom ends. During

the construction, the soil restrains the lateral defor-
mation of the piles. Such interaction is implemented
using the spring element SPRING1, whose positions
and stiffness are determined according to the Chi-
nese Code (JTG D63 2007). The simulation of the
piles and the restraint effect of the soil to the piles
provides an acceptable representation the real situa-
tion.The predicted horizontal displacement of the arch
springings is −2∼ +4mm during the construction
which matches well with the site monitored results of
−2∼ +5mm for the arch springings on the upstream
side and −2∼ +3mm for those on the downstream
side.
The whole bridge model is presented in Figure 4.

4 VALIDATION OF THE NUMERICAL MODEL

4.1 Site monitoring

Extensive site monitoring has been carried out on the
Dong-GuanWaterwayBridge.Thedisplacement of the
main arch has been monitored using a TCA1800Total
Station. In order to provide an adequate representation

Figure 4. Finite element model for the bridge.

of the displacement of the arches, one monitor point
was selected for each segment of the steel arch, with a
total of 11 monitor points as depicted in Figure 5 (a).
The stresses in the steel tubes have beenmeasuredwith
vibrating-wire strain gauges arranged at each cross-
section as shown in Figure 5(b).
The stretching forces of the ties have beenmeasured

with feed-through sensors. The prestressing forces
in the ties are specified in the model based on the
measured results.

4.2 Numerical validation

The accuracy of the proposed finite element model is
validated against the displacements and stresses mea-
sured on the arch ribs during construction. Analyses
with and without geometric nonlinearities are car-
ried out to study the service behaviour of CFST arch
bridges.
Figures 6 and 7 outline typical comparisons

between numerical and measured values. Positive
(negative) stresses are tensile (compressive), while
positive (negative) displacements depict upward
(downward) movements. All numerical results are
determined at the same location of the arch where the
measurements were taken. The reference arch profile
for the displacement measurements, i.e. the profile for
which the displacements are considered to be zero, is
the one possessed by the arch before the tiebacks were
loosened. It can be observed that the predicted results
match well with the monitored results with maximum
deviations of 10.6% and 8.8% for the displacements
and stresses, respectively.
During the construction of CFST arch bridges, the

time-dependent behaviour of the core concrete signif-
icantly influences the static response of the structure.
At the end of the construction, the displacement at the
arch crown is increased by 21.9% of the instantaneous
value, and the maximum increase of the stress in steel
tubes is 22.6%.
Geometric nonlinearities have a limited influence

on the static response of the CFST arch bridges at ser-
vice conditions as shown in Figures 6 and 7.Maximum
differences between the displacements calculated at
the arch crown with and without geometric nonlinear-
ities are 2.8%. Similar differences have been observed
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Figure 5. Site monitoring system layout.

Figure 6. Comparison between numerical and mea-
sured values for the displacements at arch crown during
construction.

Figure 7. Comparison between numerical and measured
values for the stresses in the steel tube of the upper chords
during construction.

for the in the upper and lower chords, i.e. in the order
of 2.2% and 3.7%, respectively.

5 TIME-DEPENDENT RESPONSE OF CFST
ARCH BRIDGESAT SERVICE CONDITIONS

5.1 Loading condition

With the consideration of the construction process
and the ageing of the concrete, the analysis is per-
formed to investigate how time effects influence the
static response of CFST arch bridges at service condi-
tions for their service life (100 years). This is carried
out using the Dong-GuanWaterway Bridge as a study
case. In the analysis, the bridge is subjected to the
long-term load combination specified by Equation 1
(JTG D62-2004), with the live loading applied as the
quasi-permanent distributed loads on the whole bridge
deck.

where Sld represents the long-term load combina-
tion; SGk denotes the characteristic dead loads; φ2jSQjk
depicts the quasi-permanent value for the jth live load;
φ2j is the quasi-permanent coefficient for the jth live
load, 0.4 for the road traffic load, 0.4 for the pedestrian
path load, and 0.75 for the wind load; SQjk defines the
jth characteristic live load.
Chinese guidelines (JTG D62-2004) require to

include live loads in the long-term calculations to
account for the presence of heavy traffic and for the
overload conditions at which some bridges are work-
ing. Since most of the CFST arch bridges currently in
place are in China, the Chinese Code has been adopted
for the calculation of the loads.

5.2 Time effects on the displacement of the arch

Figure 8 depicts the time-dependent changes produced
on the displacement of the main arch rib after 100
years.
It is apparent that time effects in the core concrete

significantly increase the displacement of the arch.The
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Figure 8. Time effects on the displacement of CFST arches
under service loading.

Figure 9. Time effects on the stress envelop in steel tubes
of CFST arch ribs under service loading.

long-term displacement at the arch crown is 46.1% of
the instantaneous one, indicating the importance of
considering time effects when specifying the camber
of the arch ribs.

5.3 Time effects on the stress distribution at the
cross section of the arch

Figure 9 depicts the difference of the stress results in
steel tubes predicted with and without the considera-
tion of time effects after 100 years. It can be observed
that the time-dependent behaviour of the core con-
crete enhances significantly the stresses in the steel
tube. The most critical stress redistribution occurs at
the place of maximum initial stress,(about 100m from
the arch crown where the first wind brace above the
deck intersects the arch ribs) which produces a maxi-
mum steel stress increase of 51.2% when compared to
the instantaneous value.

5.4 Influence of time effects on the internal actions
along the arch ribs

Figure 10 compares the predicted inner forces in the
main arch ribs subjected to service loading for 100
year calculated with and without time effects. In Fig-
ure 10(b), positive moments cause the arch to sag. It
can be noted that time effects of the core concrete

Figure 10. Time effects on the inner forces of CFST arch
ribs under service loading.

Figure 11. Bending moment curves of CFST arches
obtained without the consideration of construction process.

have a negligible influence on the axial force distri-
bution, with a maximum variation taking place over
time of 0.7%, and a significant influence on the bend-
ingmoment diagrams,withmaximum time-dependent
reductions and increases in the order of 8.3% and
64.7%, respectively.
Figure 11 presents the bending moment diagrams

calculated with and without time effects gained by
neglecting the construction process. The loads are
assumed to be applied at 28 days after concrete cast-
ing. The maximum difference between the bending
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Figure 12. Location of the stiffness centre of the arch rib
during construction.

Figure 13. Influence of prebuckling deformations induced
by time effects on ultimate capacity of CFST arch bridges.

moments obtained with and without consideration for
time effects is 11%, which is much smaller than the
value of 64.7% obtained with the consideration of
the construction process as presented in Figure 10(b).
While during the construction, the bottom chords are
pumped first. At that time, the stiffness centre of
the cross-section is lower than the geometric centre
(Figure 12), leading to a negative additional bend-
ing moment (N · e) which is almost constant along
the arch as it is caused by the change of the cross-
sectional properties. Time effects reduce the distance
between the stiffness centre and the geometric cen-
tre, and hence reduce the negative additional bending
moment, increasing the positive moment and reduc-
ing the negativemoment along the arch. In this context,
the construction process needs to be considered in
the long-term analysis of trussed CFST arch bridges,
otherwise considerably underestimation of the time
effects may be obtained.

5.5 Influence of time effects on the ultimate
capacity

Time effects increase the deflection of the arches,
therefore reducing the critical buckling loads of the
structurewhen compared to their instantaneous values.
This is investigated numerically for the Dong-guan
Waterway bridge considering distributed loads applied
on the bridge slab for a duration of 100 years. Fig-
ure 13 presents the load-displacement curves of the
CFST arches obtained with and without consideration

Figure 14. Comparison of the predicted displacement
of CFST arch ribs with and without considering varying
loading ages.

for time effects. In Figure 13, P represents the equiv-
alent loads in one suspender, � denotes the vertical
deflection at the arch crown, Pcro depicts the instanta-
neous critical loads, and Pcr defines the critical loads
obtained accounting for time effects. The initial value
of the � is the displacement of the bridge after 100
years calculated based on service loads. In the analy-
sis, imperfections are introduced in the model based
on the shapes exhibited by critical bucklingmodes (i.e.
the first eigenmode) with the maximum perturbations
of 1/1000 of the arch length.
From Figure 13, it can be noted that the prebuck-

ling deformations induced by time effects reduce the
critical buckling load of the bridge by 2.9% when
compared to the instantaneous value. For CFST arch
bridges with the span-to-rise ratio of 5, the prebuck-
ling deformations induced by time effects have limited
influence on their static ultimate capacity.

6 NECESSITY OF CONSIDERING THE
VARIATION OF LOADINGAGES DURING
CONSTRUCTION

It is commonly accepted that the segmental construc-
tion process needs to be considered when predicting
the static response of bridges. The entire construc-
tion of CFST arch bridge can be in the order of
years. Because of this, the concrete age at the different
instants of loading during construction can vary from
as early as 3 days to 3 years.
In Figure 13 and 14, the predicted displacement and

stress envelops obtained considering the varying load-
ing ages of the core concrete are compared with those
calculated based on t0 = 28days. Plotted values have
been calculated after 100 years of service. The results
determined based on the accurate use of the loading
ages higher by 20.2% for the displacement at the arch
crown and by 48.9% for the stress in the steel tube
when compared to the case of t0 = 28.
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Figure 15. Comparison of the predicted stress in steel tubes
of CFST arch ribs with and without the consideration of the
varying loading ages.

Figure 16. Contribution of live loading to the incremental
displacement of CFST arch ribs caused by time-dependent
behaviour after construction.

7 INFLUENCE OF LIVE LOADS ON THE
LONG-TERM RESPONSE

The live loading is required to be applied on the bridge
in the form of quasi-permanent combination during
the long-term analysis by the Chinese Code (JTG
D62-2004).
Different analyses have been performed with and

without the inclusion of live loads to determine their
influence on the variations of displacements (�D) and
stresses in steel tubes (�σ). In Figures 15 and 16,
curves showing the results considering only the bridge
self-weight are labelled with ‘without live loading’,
while those that account also for live loads, based on
Equation 1 are denoted using ‘with live loading’.
The results of Figures 15 and 16 emphasise the

increase in deflections and stresses taking place when
also accounting for the live loads in the calcula-
tions. For example, the incremental time-dependent
displacement (�D) caused by the inclusion of quasi-
permanent live loading represents 16.4% of the total
displacement increment at the arch crown, and 22.7%
at L/4 along the arch. The live loading significantly
affects the stress distribution in the arch rib as well,
with amaximum increase of 24.7% for the stress in the

Figure 17. Influence of live loads on the time-dependent
stress distribution in the steel tubes after construction.

steel tube near the intersection of the first wind brace
above the deck (about 100m from the arch crown).

8 CONCLUSIONS

A finite element model has been developed in
ABAQUS to study the long-term behaviour of CFST
arch bridges. which has been applied in this paper to
the Dong-Guan Waterway bridge as a case study, and
to highlight the influence of time effects on the over-
all structural response considering the construction
sequence and geometric nonlinearity. The accuracy of
the numerical model has been validated against site
measurements recorded during construction. It has
been observed that the time-dependent behaviour of
the concrete has a significant effect on displacements,
stress distributions, and bending moment diagrams of
CFST arches during construction and in service. It has
also been shown that it is important, for an accurate
long-termprediction, to specify the actual timeof load-
ing in the analyses and to include considerations for
the live loads, because inducing larger deformations.

ACKNOWLEDGEMENTS

The research reported in the paper was supported by
the National Natural Science Foundation of China
(No. 51178146), by the Project to support Chinese
academics (who graduated from overseas universi-
ties) in Harbin Institute of Technology and by the
Australian Research Council through its Discovery
Projects funding scheme (DP1096454).

REFERENCES

Bradford M A, Pi Y L, & Qu W L. 2011. Time-dependent
in-plane behaviour and buckling of concrete-filled steel
tubular arches. Engineering Structures. 33(5), 1781–
1795.

European Committee for Standardization, BS EN 1992,
Eurocode 2: Design of concrete structures-Part 1-1: gen-
eral rules and rules for buildings, 2004.

71



Geng Y., Zhang S. M., Wang Y. Y. & Wang X. L. 2010.
Static behaviour of a concrete filled steel tubular double
X-shape arch bridge without wind braces under con-
struction. Proceedings of Ninth Pacific Structural Steel
Conference. 19–22 November 2010. Beijing, China,
906–910.

Gilbert, R. I. & Ranzi, G. 2011. Time-dependent behaviour
of concrete structures, Spon Press, London, UK.

Han, L. H. 2007. Concrete-Filled Steel Tubular Structures —
Theories and Applications (2nd ed.). Science Press.
Beijing, China. (in Chinese)

JTG D62. 2004. Code for design of highway reinforced
concrete and prestressed concrete bridges and culverts.
CCCC highway consultants CO., Ltd., Bei Jing, China,
2004 (in Chinese)

JTG D63. 2007. Code for Design of Ground Base and Foun-
dation of Highway Bridges and Culverts, Beijing, China:
Ministry of Communications of the People’s Republic of
China, 2007. (in Chinese).

Pi Y. L., Bradford M. A., & Qu W. L. 2011. Long-term non-
linear behaviour and buckling of shallow concrete-filled
steel tubular arches. International Journal of Non-linear
Mechanics. 46(9), 1155–1166.

Shao X. D., Peng J. X., Li L. F., Yan B. F. & Hu J. H. 2010.
Time-dependent behavior of concrete-filled steel tubular
arch bridge. Journal of bridge engineering. 15(1), 98–107.

WangY. F., Han B., Du J. S. & Liu K. W. 2007. Creep anal-
ysis of concrete filled steel tube arch bridges. Structural
engineering and mechanics. 27(6), 639–650.

Zhang Z. C. 2007. Creep analysis of long span concrete-filled
steel tubular arch bridges. Engineering mechanics. 24(5),
151–160. (in Chinese).

Zhong S. T. 1994. Concrete-filled steel tubular structures
(revised edition). Hei Longjiang Science and Technology
Press, Hei Longjiang, China. (in Chinese).

72



Tubular Structures XIV – Gardner (Ed.)
© 2012 Taylor & Francis Group, London, ISBN 978-0-415-62137-3

Experimental study on concrete-filled cold-formed steel tubular
stub columns
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ABSTRACT: Cold-formed steel is widely used in modern buildings and bridges. Significant research into the
structural performance of Concrete-Filled Cold-Formed Steel Tubular (CFCFST) members with tube thickness
not exceed 6mmhas been published. However, research into the performance of CFCFSTmembers with longitu-
dinal inner stiffeners in thicker wall tubes is seldom published. In this paper, a total of 20 CFCFST stub columns
with thickness of 6mm and 10mm were conducted the axial compression test. Cross-sectional dimension of the
square hollow tubes is 200mm× 200mm. Length of the stub columns is 600mm. CFCFST stub columns with
unstiffened and inner-stiffened hollow tubes were all tested. Both common concrete and self-consolidating con-
crete with normal compression strength of 30MPa were applied.Axial compressive bearing capacities predicted
using design methods in the Chinese codes CECS 159 and DBJ, the American specificationAISC as well as the
British bridge code BS 5400 were all compared with the test capacities of the CFCFST stub specimens. It was
found that methods in these codes are much conservative to predict the axial compressive bearing capacity of
the CFCFST column specimens.

1 INTRODUCTION

Concrete-Filled Steel Tubular (CFST) members have
been playing an increasingly important role in mod-
ern buildings and bridges. Meanwhile, as the cold-
formed steel members are used more and more
popular, the importance of Concrete-Filled Cold-
Formed Steel Tubular (CFCFST) members in future
structures would never be overestimated.
In recent years, more and more significant research

into the structural performance of CFCFST mem-
bers with tubular thickness not exceed 6mm has
been published. Eight rectangular CFCFST specimens
including stub columns, beams and beam-columns
with thickness of 3.2mm were conducted experi-
mental and parametric analytical study by Tao et al.
(2006). An experimental and computational study on
the behaviors of circular CFCFST columns with tubu-
lar thickness less than 3.0mmwas conducted byGupta
et al. (2007). Elchalakani et al. (2004) carried out an
experimental investigation of the cyclic inelastic flex-
ural behaviors of circular CFCFST beamswith tubular
thickness not exceed 3.0mm.
However, research on performance of both cold-

formed steel members as well as the CFCFST mem-
bers with thicker cold-formed tubes, especially tubes
with inner longitudinal stiffeners is seldom published.
Tao et al. (2009) studied the performance of a series of
CFCFST members with inner longitudinal stiffeners.
But the rectangular and square hollow tube built up
by welding four plane plates, not cold-formed plates,
with tubular thickness of 2.5mm. Guo et al. (2007)

studied the effect of the cold-formed process on the
strengths of the cold-formed steel coupons as well
as square and rectangular hollow stub columns with
thickness of 8mm, 10mm and 12mm. Lv et al. (2010)
carried out numerical study on both cold-formed hol-
low steel stub columns and CFCFST stub columns
with inner longitudinal stiffeners. The thickness of the
steel tubes includes 8mm, 10mm and 12mm. Zhang
et al (2006 & 2007) compared the static and dynamic
characteristics of unstiffened and stiffened thin-walled
CFCFST columns with thickness no excess 3.0mm.
However, stiffened cold-formed steel tubular section
studied in existing research mentioned above (Fig. 1)
is different from the new sections studied in this paper
(Fig. 2). Compared with the sections shown in Fig-
ure 1, the stiffened sections shown in Figure 2 can
achieve structural members with the greatest possible
cross-sectional dimensions without considering the
sectional- dimension limit or common type limit of

Figure 1. Stiffened sections built up by welding cold-
formed lipped section.
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Figure 2. Diagrammatic sketch of the unstiffened and stiffened sections.

the cold-formed lipped steel section. Moreover, the
inner stiffeners can also be freely arranged due to
the demand of enhancing the bearing capacity or the
construction requirements for members.
In this paper, a total of 20 CFCFST stub columns

with thickness of 6mm and 10mmwere conducted the
axial compression test. Cross-sectional dimension of
the square hollow tubes is 200mm× 200mm. Length
of the stub columns is 600mm. CFCFST stub columns
with unstiffened and inner-stiffened square hollow
tubes shown in Figure 1 were all tested. Common
concrete and self-consolidating concrete with normal
compression strength at 28 days equals to 30MPa
were used. Meanwhile, steel coupon tensile test were
conducted to obtain main material properties of all
parts of the hollow steel section. Concretematerial test
were also conducted to determine the real compres-
sive cube strength ( fcu,st) and elastic modulus (Ec,st).
Axial compressive bearing capacities predicted using
designmethods in theChinese codesCECS159 (2004)
and DBJ (2003), the American specification AISC as
well as the British bridge code BS 5400 (Han &Yang
2007), were all compared with the test capacities of
the CFCFST column specimens.

2 EXPERIMENTAL INVESTIGATION

2.1 Test of steel coupons

A total of 30 steel coupons including plane plates,
welded plates and corner plates were conducted axial
tensile test in order to obtain real material charac-
teristics. All the tensile coupons were cut from the
corresponding plane part, welded part, corner plate
as well as inner stiffener part of the section (Fig. 2),
respectively, in longitudinal direction. All the plates
weremade into short standard tensile specimens (Tang
1999 & Zhu 2007). Cross-sectional area (A) and main
test results including ultimate tensile strength σu, aver-
age ultimate tensile strength σu, yield stress σs and
average yield stress σs were listed inTable 1. Since the
stress-strain curves in Figures 3 and 4 have no clear
yield stages, the yield stress σs equals to the 0.2% ten-
sile proof stress σ0.2 (Tang, 1999) was analyzed in this
paper.
In table 1, the label P-6-1 defines the following

specimens: the first letter P indicates that the speci-
men was cut from the plane part of the section. The

following figure 6 refers to the nominal thickness of
the specimen. The last number 1 refers to the first
specimen of this coupon group which totally has 3
specimens. Meanwhile, letters W, C, S and T indicate
the coupons were respectively cut from the welded
part, the corner part, the inner stiffener part and the
top or bottom cover plate of the hollow steel tubes.
As the nominal yield stress of steel Q345 in group

1 and Q235 in group 2 are respectively 345MPa
and 235MPa, yield strengths of plane plates, welded
plates as well as corner plates cut form the 2 groups
of cold-formed steel hollow tubes were all enhanced
due to the cold-formed process. Moreover, ultimate
tensile strengths and yield strengths of both welded
plates and corner plates are much higher than corre-
sponding strengths of the plane plates in each group.
According to table 1, the yield strengths of the welded
plates and corner plates in group 1 are respectively
22.30% and 23.27% higher than the yield strength of
the plane plates, while the two strengths in group 2 are
respectively 32.31% and 13.59% higher than the yield
strength. Test strengths of stiffener plates and top or
bottom plates applied in each group were also listed
in table 1. It should be noted that tensile test of the
last two top plates in group 2 with thickness of 16 mm
were failure. Therefore, only the strengths of coupon
T-16-1were obtained. Figure 5 shows the typical failure
mode of plane plates, welded plates and corner plates.

2.2 Test of concrete material

The concrete mix was designed for compressive cube
strength ( fcu) at 28 days of approximately 30MPa.
Table 2 shows the proportions of common concrete
(specimen A) and self-consolidating concrete (spec-
imen B) studied in this paper. The aggregate size
ranges from 5 to 25mm. Small quantity of the UEA
cement expansive additive was used in both the com-
mon and the self-consolidating concrete. Furthermore,
small quantity of the HL-8000 super plasticizer was
also used in the self-consolidating concrete. A series
of compressive cube (150× 150× 150mm) and pris-
moid (150× 150× 300mm) specimens were tested
to determine the strength fcu,st and modulus Ec,st at
28 days of the two kinds of concrete. The strengths
fcu,st of specimen A and specimen B are 26.58MPa
and 25.81MPa, respectively. The elastic modulus Ec,st
are 3.12× 104 MPa and 2.84× 104 MPa, respectively.
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Table 1. Measured specimen dimension and test results of steel coupons.

Specimen A σu σu σs σs Specimen A σu σu σs σs
Group 1 (mm) (MPa) (MPa) (MPa) (MPa) Group 2 (mm) (MPa) (MPa) (MPa) (MPa)

P-6-1 215.32 574.70 537.37 461.41 437.88 P-10-1 340.87 451.00 445.67 424.12 381.68
P-6-2 226.17 495.50 406.91 P-10-2 345.16 442.10 372.09
P-6-3 223.05 541.90 445.33 P-10-3 338.79 443.90 348.83
W-6-1 206.58 622.10 582.00 585.87 535.54 W-10-1 352.20 523.10 526.93 507.13 505.00
W-6-2 214.56 566.10 525.73 (22.30%) W-10-2 359.35 538.30 505.50 (32.31%)
W-6-3 216.58 557.80 495.01 W-10-3 366.05 519.40 502.36
C-6-1 97.76 562.60 614.00 521.69 539.76 C-10-1 333.30 495.10 495.47 432.04 433.55
C-6-2 96.29 633.50 529.65 (23.27%) C-10-2 303.23 504.60 435.31 (13.59%)
C-6-2 89.80 645.90 567.93 C-10-3 318.49 486.70 433.30
S-6-1 186.67 516.40 531.63 409.81 410.79 S-8-1 244.97 579.60 551.07 499.53 453.59
S-6-2 188.85 537.20 411.65 S-8-2 245.51 528.50 410.04
S-6-3 184.66 541.30 410.92 S-8-3 242.43 545.10 451.18
T-10-1 285.12 593.10 595.10 482.11 495.17 T-16-1 468.53 402.10 402.10 312.25 312.25
T-10-2 281.22 586.10 499.40 T-16-2 461.63 — —
T-10-3 280.53 606.10 504.01 T-16-3 464.81 — —

Figure 3. Typical σ-ε curve of steel coupons with thickness of 6mm.

Figure 4. Typical σ-ε curve of steel coupons with thickness of 10mm.

Figure 5. Typical failure mode of steel coupons.
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2.3 Test of CFCFST column specimens

A total of 20 CFCFST column specimens with thick-
ness of 6mm and 10mm were conducted the axial
compression test. All these composite column speci-
mens were classified according to the thickness of the
hollow tubes and the concrete type. Therefore, a total
of 4 groups of columns were tested. All the hollow
tubular sections were designed as shown in Figure 2,
where the net minimal distance between weld of stiff-
ener and weld of the tube wall was designed as no less
than a (double the tube thickness). Design ratio of the
inner radius of corner to tube thickness equals 1.5. All
hollow tubes weld with a bottom plate were fabricated
in rolling steel plant. And the top plate was welded
14 days later than the concrete was filled.
Table 3 shows measured dimensions of the col-

umn specimens. Definitions of the measured dimen-
sions were shown in Figure 6. In table 3, the label
Pa-6-1 defines the following specimens: the first letter
P indicates axial compressive column. The follow-
ing letter a refers to the first cross section shown
in Figure 2. The following number 6 refers to the

Table 2. Concrete mix design.

Content (kg/m3)

Material Specimen A Specimen B

Sand (%) 50% 50%
Cement 256 256
Flash ash 86 86
Water 200 200
Sand 909 909
Aggregate 909 909
Expansive additive 38 38
Super plasticizer — 3.8

Table 3. Measured dimension of column specimens.

H B1 B2 t1 t2 t3 t4 J1 J2 bs,av ts,av As Ac
Specimens (mm) (mm) (mm) (mm) (mm) (mm) (mm) (mm) (mm) (mm) (mm) (mm2) (mm2)

Pa-6-1 605 170 163 6.39 6.32 6.14 6.18 202 192 – – 4703.95 33880.41
Pb-6-1 602 167 170 6.08 6.05 6.30 6.34 204 196 40 6.26 5088.47 34682.60
Pc-6-1 603 167 170 6.10 6.30 6.20 6.20 200 195 40 6.09 5597.90 33221.62
Pd-6-1 605 166 170 6.17 6.04 6.32 6.10 200 198 60 6.03 6032.88 33360.89
Pe-6-1 600 166 170 6.13 6.33 6.00 6.00 203 200 40 6.09 6652.92 33706.24
Pa-6-2 601 166 164 6.15 6.05 6.18 6.42 203 194 – – 4564.54 34576.62
Pb-6-2 600 165 170 6.18 6.02 6.00 6.00 204 197 40 6.08 5081.54 34872.76
Pc-6-2 605 169 168 6.05 6.23 6.22 6.00 200 197 40 6.00 5556.75 33650.11
Pd-6-2 604 166 169 6.10 6.09 6.18 6.18 202 194 60 5.95 5983.79 33004.57
Pe-6-2 590 168 174 6.15 6.23 6.06 6.12 204 200 40 6.28 6603.96 33496.52
Pa-10-1 599 146 150 10.21 10.41 10.22 10.00 203 199 – – 7466.57 32327.61
Pb-10-1 599 154 148 10.25 10.14 10.18 9.76 200 200 40 8.80 8084.93 31399.82
Pc-10-1 600 150 156 10.00 10.28 10.00 10.10 200 197 40 7.96 8600.23 30355.50
Pd-10-1 601 148 153 10.08 10.00 10.16 10.16 201 196 60 8.20 9219.48 29682.08
Pe-10-1 600 148 151 10.03 10.05 9.86 9.72 200 201 40 8.26 9913.05 29728.78
Pa-10-2 595 150 152 10.00 10.04 10.00 10.40 202 200 – – 7327.52 32535.98
Pb-10-2 594 150 150 10.29 10.03 10.30 10.00 202 200 40 8.24 8057.79 31784.03
Pc-10-2 603 156 160 10.00 10.10 10.32 9.92 200 201 40 7.90 8645.46 31166.92
Pd-10-2 603 150 153 10.00 10.10 9.78 10.01 200 198 60 7.83 9138.79 29977.01
Pe-10-2 600 150 150 10.08 10.10 10.06 10.20 199 202 40 8.32 9938.63 29632.33

nominal thickness of the hollow steel tube. The last
figure 1 indicates the common concrete was filled
while figure 2 refers to the self-consolidating con-
crete was applied. Therefore, the second letter b, c,
d and e refer to the 2nd, the 3rd, the 4th and 5th
section shown in Figure 2, respectively. It should be
noted that section c is different from section b only
in that the nominal width of the inner stiffeners (bs)
is 60mm in the section c while 40mm in section b.
Moreover, measured dimensions bs,avand ts,av listed in
table 3 are calculated average values of all the inner
stiffeners in each column specimen. As and Ac define
the cross-sectional area of steel sections (includ-
ing stiffeners and corners) and concrete sections,
respectively. The area of the corner part is calculated
as A0 =π(R2 − r2). Where R= (J1 + J2 −B1 −B2)/4
and r = [(J1 + J2 −B1 −B2 − 2(t3 + t4)]/4.
A typical CFCFST column test setup is shown in

Figure 7.A compression testingmachinewith capacity
of 5000 kN was used to apply axial compressive force
to the column specimens. Each column specimen has
two plane plates at both ends, namely the bottom plate
and the top plate. Nominal dimension of the two end
plates is 240mm× 240mm.

Figure 6. Definition of cross-sectional dimension.
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The test ultimate bearing capacity Nu and average
ultimate tress σu (σu =Nu/(As +Ac)) of all specimens
were listed in columns 2 and 3 in table 4, respectively.
It should be noted that the ultimate capacities

of specimens Pd-10-1, Pe-10-1, Pd-10-2and Pe-10-
2 were not obtained because there were no failure
phenomena during the loading process, even when
the compressive load approached the loading capac-
ity of the testing machine. Thus, tests of these four
specimens were stopped as the compressive load
approached 5000 kN. However, as the top section of
the SHS tube of specimen Pc-6-1 has serious initial
defects, it was very difficult to conduct axial com-
pressive load on the specimen after the top plate is
welded. Thus the capacity Nu of this specimen is even

Figure 7. Test setup of CFCFST column specimen.

Table 4. Comparison of test bearing capacity with predicted bearing capacities.

Specimen Nu (kN) σu (MPa) NCECS (kN)
NCECS

Nu
NDBJ (kN)

NDBJ

Nu
NAISC (kN)

NAISC

Nu
NBS (kN)

NBS

Nu

Group1 Pa-6-1 2730 70.75 1942.72 0.71 2062.66 0.76 2305.39 0.84 1999.11 0.73
Pb-6-1 3020 75.93 2073.39 0.69 2208.63 0.73 2454.20 0.81 2135.96 0.71
Pc-6-1 (2750) 70.84 2210.42 0.80 2378.63 0.86 2600.52 0.95 2283.20 0.83
Pd-6-1 4120 104.59 2347.25 0.57 2541.86 0.62 2753.40 0.67 2427.65 0.59
Pe-6-1 4490 111.25 2544.41 0.57 2780.08 0.62 2974.27 0.66 2635.53 0.59

Group2 Pa-6-2 3010 100.01 1909.45 0.63 2022.00 0.67 2271.31 0.75 1962.81 0.65
Pb-6-2 3300 114.22 2073.96 0.63 2208.29 0.67 2455.64 0.74 2136.26 0.65
Pc-6-2 3630 115.52 2203.79 0.61 2367.57 0.65 2594.96 0.71 2275.50 0.63
Pd-6-2 4030 113.11 2326.94 0.58 2520.48 0.63 2729.29 0.68 2406.75 0.60
Pe-6-2 4300 118.56 2526.23 0.59 2759.88 0.64 2953.15 0.69 2616.65 0.61

Group3 Pa-10-1 3980 76.90 2067.60 0.52 2351.16 0.59 2405.88 0.60 2103.34 0.53
Pb-10-1 4510 82.59 2187.28 0.48 2524.22 0.56 2532.51 0.56 2228.86 0.49
Pc-10-1 4500 92.59 2283.13 0.51 2674.32 0.59 2632.56 0.59 2329.80 0.52
Pd-10-1 (4400) 103.36 2406.64 0.55 2864.62 0.65 2764.52 0.63 2458.96 0.56
Pe-10-1 (4700) 107.22 2556.43 0.54 3084.61 0.66 2928.45 0.62 2614.43 0.56

Group4 Pa-10-2 3920 98.34 2040.68 0.52 2313.35 0.59 2377.41 0.61 2075.11 0.53
Pb-10-2 4330 108.68 2186.94 0.51 2518.17 0.58 2533.87 0.59 2227.99 0.51
Pc-10-2 4340 109.01 2304.46 0.53 2690.02 0.62 2659.54 0.61 2350.85 0.54
Pd-10-2 (4550) 116.32 2393.51 0.53 2839.31 0.62 2751.50 0.60 2444.93 0.54
Pe-10-2 (4625) 116.88 2560.55 0.55 3093.18 0.67 2932.52 0.63 2618.83 0.57

less than that capacity of specimen Pb-6-1. In order to
distinguish the test capacity Nu of specimens Pd-10-
1, Pe-10-1, Pd-10-2, Pe-10-2 and Pc-6-1 from other
specimens, parentheses are used in table 4.
From table 4, as far as column specimens filledwith

the same concrete are concerned, the ultimate capac-
ity Nu and average ultimate stress σu increase with the
increases of the sectional area or number of the inner
stiffeners. Since the ultimate stress σu increases, it can
be obtained that the sectional carrying efficiency of
the composite cross-section also increases. The aver-
age ultimate stress σu of specimens with sections b
and c in groups 2 and 4 are very close, which means
the increase of the ultimate capacity wholly depends
on the increase of the steel sectional area. However,
all specimens with sections b and e have better sec-
tional carrying efficiency than those specimens with
sections a and d, respectively, almost in all groups.
Otherwise, although the test strength of the compres-
sive cubic specimens of self-consolidating concrete is
a little lower than that of the common concrete, the ulti-
mate capacityNu and stress σu of column specimens in
groups 2 and 4 are obviously higher than those values
in groups 1 and 3, respectively.
Figures 8 and 9 are the stress-strain (σ-ε) curves of

CFCFST column specimens with thickness of 6mm
and 10mm. Where the vertical axis σ=N /(As +Ac).
N is the test load. The horizontal axis ε is average
values of four strain gauges positioned on the cen-
ter point of each outer face of the column specimen.
Meanwhile, all the test strain and load N are recorded
in pairs. From these curves, only the sectional carry-
ing efficiency in column specimens with section c in
group 2 (with thickness of 6mm) is obviously better
than that of the specimens with section b. However,
the sectional carrying efficiency of two sections b and
c are very close in other 3 groups.
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Figure 8. Experimental σ-ε curves of CFCFST column specimen with thickness of 6mm.

Figure 9. Experimental σ-ε curve of CFCFST column specimen with thickness of 10mm.

Figure 10. Typical failure mode of CFCFST column specimen.

Figure 10 shows the typical failure mode of the
tested CFCFST column specimens.

3 COMPARISON OF TEST BEARING
CAPACITYWITH PREDICTED CAPACITIES

The Chinese codes CECS 159 (2004) and DBJ (2003),
the AISC specification as well as the BS 5400 code

(Han &Yang 2007) provide design methods for axial
compressive bearing capacity for CFST columns.
In CECS code, the axial bearing capacity NCECS is

given byEq. (1), where f and fc are compressive design
strengths of steel and concrete. The two strengths
can be obtained consulting the Chinese codes GB
50017 (2003) and GB concrete code (2002), respec-
tively. Therefore, design strengths f for steel Q235
and Q345 are given as 215MPa and 310MPa, respec-
tively. And fc is given as 14.3MPa. Otherwise, As and
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Ac are respectively cross-sectional area of steel tube
and cross-sectional area of concrete filled in the tube,
which can be obtained from table 3.

In DBJ code, the axial bearing capacity NDBJ can be
obtained by multiplying Asc by fDBJ.Where Asc is total
sectional area of the CFST section, namely Asc = As+
Ac. fDBJ is given by Eq. (2). f , fc, As and Ac are same
values as in Eq. (1).ξ0 is the confinement factor. ξ0 =
f · As/fc · Ac.

According to the AISC specification, simplified axial
bearing capacity NAISC analyzed in this paper is given
by Eq.(3).

where fy is the nominal yield strength of the steel. fc’ is
the compressive concrete cylinder strength.Therefore,
yield strengths of fy for steel Q235 and Q345 are given
as 235MPa and 345MPa, respectively.And fc’ is given
as strength fcu multiplied by 0.79 (Chen&Wang2005).
fcu is the compressive cube strength of concrete. For
concrete C30, nominal strength fcu= 30MPa.
In BS 5400 code, Eq. (4) is applied to deter-

mine the axial bearing capacity NBS. Where fcu is the
compressive cube strength of concrete.

All bearing capacities predicted using the design
methods mentioned above were also listed in Table 4.
As far as the ratios of all predicted capacities to test
capacities are concerned, most of the ratios are greater
than 0.50 while less than 0.80. Therefore, it could
be obtained that these four design methods are much
conservative to predict the bearing capacity of the
CFCFST column specimens.
Except for the column specimen Pc-6-1 as well as

the specimens Pd-10-1, Pe-10-1, Pd-10-2 and Pe-10-2
which have particular test bearing capacities in table
4, ratios NCECS/Nu,NDBJ/Nu,NAISC/Nu and NBS/Nu of
all other specimens in each group decrease with the
increase of inner stiffeners. Therefore, all these meth-
ods are more conservative to predict the bearing
capacity of the CFCFST column specimens with inner
stiffeners than those columns without inner stiffeners.
Moreover, the most conservative design method is the
Chinese code CECS while the least one is the AISC
specification. Actually, the predicted bearing capacity
NAISC using equation (3) is just a simplified capacity,
whichmultiplied by a parameter approximately equals
to 0.877 may equals to the real bearing capacity pre-
dicted using this code. Thus the AISC specification is
likelymore conservative than the Chinese CECS code.
But the simplified AISC method is better to predict
the design bearing capacity of the column specimens
although it is still conservative.

Compared column specimens with thickness of
6mm with column specimens with thickness of
10mm, values of NCECS/Nu,NDBJ/Nu,NAISC/Nu and
NBS/Nu of the latter groups are commonly less than
those of the former groups. Therefore, all these design
methods are more conservative to predict the bearing
capacity of specimens in groups 3 and 4.As far as two
kinds of concrete filled in the tube are concerned, all
design methods mentioned above are more conserva-
tive to predict the bearing capacities of specimens in
group 2 than those specimens in group 1. But there is
nearly no difference between specimens in groups 3
and 4.

4 CONCLUSIONS

This paper presents an axial compression test study
on the CFCFST stub column specimens with new
kinds of inner-stiffened section as well as thicker cold-
formed steel tubes. Both common concrete and self-
consolidating concretewith compressive cube strength
( fcu) at 28 days of approximately 30MPawere applied.
Axial tension test of steel coupons and compression
test of concrete specimens were conducted to deter-
mine main material properties of cold-formed steel
and concrete, respectively. Predicted bearing capaci-
ties using the Chinese codes CECS 159 and DBJ, the
American specification AISC as well as the British
bridge code BS 5400 were all compared with the test
capacities of the CFCFST column specimens. Main
observations and conclusions are made based on the
limited test and analysis carried out in this paper.
First of all, the test ultimate tensile strength and

yield strength of both the corner and welded plates
cut from the steel tube are much higher than strengths
of the plane plates due to the fabricate process. The
average yield strengths σs of the welded plates and
corner plates with nominal thickness of 6mm are
respectively 22.30% and 23.27% higher than corre-
sponding plane plates while two strengths of those
plates with nominal thickness of 10mm are 32.31%
and 13.59% higher, respectively.
Secondly, the test compressive cube strength

fcu,st (26.58MPa) and the elastic modulus Ec,st
(3.12× 104 MPa) of common concrete are greater
than corresponding values (25.81MPa and 2.84× 104
MPa) of the self-consolidating concrete. However, the
ultimate capacity Nu and average ultimate stress σu
of column specimens using self-consolidating con-
crete are obviously higher than those values of speci-
mens using common concrete. Moreover, the capacity
Nu and stress σu increase with the increases of the
sectional area or quantity of the inner stiffener.
Finally, most ratios of all predicted axial com-

pressive bearing capacities to test capacities of the
CFCFST column specimens range from 0.50 to 0.80.
Meanwhile, all these design methods are more con-
servative to predict the bearing capacity of speci-
mens with tube thickness of 10mm than capacity of
specimens with thickness of 6mm. Furthermore, for
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specimens with tube thickness of 6mm, these design
methods are more conservative to predict the bearing
capacity of specimens filled with self-consolidating
concrete than capacity of specimens filled with com-
mon concrete.
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Concrete filled double skin circular tubular members subjected to pure
bending and centric compressive loading
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ABSTRACT: A Concrete Filled Double Skin CircularTubular (CFDST) member consists of double concentric
steel tubes and in-filled concrete between the two tubes. The CFDST member with a hollow section is conse-
quently lighter than an ordinary concrete filled steel tubular, so-called CFT member. Twelve specimens of each
pure bending test and centric loading test have been prepared.Two of testing parameters are diameter-to-thickness
ratio and inner-to-outer diameter ratio, ranging from 70 to 160 and from 0 to 0.70, respectively. As the results,
both bending and centric loading strengths of CFDST can be estimated based on a CFT’s design formula. Both
strengths were also affected by inner-to-outer diameter ratio,Di/Do. Discussions being focused on elasto-plastic
stress under plane stress condition are given. A comparison of confined stress intensity being induced by the
double tubes of two tests is also discussed.

1 INTRODUCTION

A concrete filled double skin circular tubular, CFDST,
member consists of double concentric steel tubes and
filled concrete between them as shown in Fig. 1 (a).
A CFDST with hollow cross section is consequently
lighter than an ordinary concrete filled steel tubular,
so-called CFTwith solid section (see Fig. 1 (b)).When
CFDST is applied to high-raised bridge pier, seis-
mic action will be reduced owing to lighter structural
members due to hollow section.
Reviewing the past studies on CFDST, we can first

find experimental and analytical studies on CFDST
with polymer concrete for practical application of
marine structures (Mantrala, S. K. 1995a & 1995b).
Zhao et al. (2002 & 2010) had conducted series of
mechanical behaviors of CFDST members (Zhao,
et al.), diameter-to-thickness ratio (Do/to) in which are
less than 50. The detailed review on CFDST is also
described in Zhao, X. L. et al. (2006).
Under the above-described background, we have

conducted two systematic studies on CFDST with
large diameter-to-thickness ratio, Do/to being larger
than 70. One is the stub column test under centric
loading (Uenaka et al. 2010). The other is the pure
bending test through four-point loadingtest (Uenaka
et al. 2008). These tests were discussed by twelve
specimens under selected two parameters, which were
diameter-to-thickness ratio (Do/to) and inner-to-outer

Figure 1. Cross section.

diameter ratio Di/Do, respectively. In the following,
systematically three-point loading test on deepCFDST
beam also conducted (Uenaka et al. 2011)
This paper mainly presents the discussions on com-

parison of above two testing results, namely, those
are centric compressive loading (Uenaka et al. 2010)
and pure bending tests (Uenaka et al. 2008). Influence
of the intensity of confined stress on axially loading
and pure bending capacities is also discussed. Further-
more, methods to predict both tests ultimate capacities
are given.
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2 EXPERIMENTAL

2.1 Centric Compressive loading (CC) test

Figure 2 shows the centric compressive loading test
specimens. Details of the specimens are summarized

Figure 2. Centric compressive loading test.

Table 1. List of the specimens.

from No. 1 to 12 in Table 1. The specimens are com-
monly 450mm in height and 160mm in diameter,
respectively. Nominal double tube’s thickness (ti, to)
are 1.0, 1.6 or 2.3mm. Inner tube’s diameter (Di) is
ranging from 0(CFT) to 113mm. Two main parame-
ters, namely, ratio of diameter-to-thickness (Do/to) and
that of inner-to-outer diameter (Di/ Do) range from
70 to 160 and from 0.0 to 0.70, respectively. Con-
sequently, centric loading test specimens are totally
twelve being combinations of three double tube’s
thicknesses and four inner tube’s diameters.
Twelve biaxial strain gauges are attached on outside

of double tubes on eastern-western direction to obtain
stress conditions to be induced by in-filled concrete.
Two displacement transducers are also arranged at the
top of the specimens.

2.2 Pure Bending (PB) test

Pure bending test specimens are illustrated in Fig. 3.
The specimens are detailed from No. 13 to 24 in
Table 1. Two main parameters, Do/to and Di/ Do, are
the same as above-described centric loading test spec-
imens. Connecting plates are welded on both sides of

82



outer tube to attach strong side beams as shown in
Fig. 3. These connections are fixed by high strength
bolted joint. Thus, pure bending moment is applied
to the specimens by symmetrically four point loading
action.
Twelve biaxial strain gauges are also arranged on

the same positions of the centric loading test. Three
displacement transducers are arranged to measure
curvature of specimens.

3 RESULTSAND DISCUSSIONS

3.1 Failure modes

Figure 4 shows typically failure modes of centric load-
ing tests specimens. Local buckling of outer tube
being associated with shearing failure of in-filled con-
crete can be found. Furthermore, inner tube’s failure
is shown in Fig. 5. It can be also observed that local
buckling of inner tube is due to shearing failure of
in-filled concrete.
Figures 6 and 7 show failure modes of pure bend-

ing test. Local buckling of outer tube in compressive
region can be found. On the contrary, outer tube’s
cracking can be also observed near the welded con-
necting plate in tensile region. This is because local
bending moment is observed owing to supporting of
inner tube in compressive region as illustrated in Fig. 8.

Figure 3. Pure bending test.

Figure 4. Failure modes of outer tube.

Comparing the failure zones observed in the centric
compressive test with those in the pure bending tests,
the former were over almost whole member length,
while the latter were localized at the member end. It is
noted, therefore, that sufficient stiffening at the end
portion should be important in case under bending
action.

Figure 5. Failure mode of inner tube (c23-750).

Figure 6. Local buckling of compressive region.

Figure 7. Cracking of tensile region.

Figure 8. Local moment due to sustaining of inner tube.

83



Figure 9. Experiments and estimations (CC test).

3.2 Ultimate strengths

3.2.1 Centric compressive loading test
Axially loading capacities (Nu) of CFDST is expressed
as below

where Nuso, Nusi and Nuc are individually axial
strengths of outer tube, inner tube and in-filled con-
crete, namely,

where Aso, Asi and Ac: cross sectional areas of outer
tube, inner tube and in-filled concrete, fy: yielding
point of steel tubes and f ′

c : concrete cylinder strength,
respectively.
Figure 9 and Table 2(a) compare experimental

strengths with estimated values. Experimental results
agreed with or larger than the estimations, in which
the ratio Nexp/Nu equivalent to 1.23 and correla-
tion factor is 0.85. Whereas, Fig. 10 shows the
relationship between normalized experimental axial
strength (Nexp/Nu) and inner-to-outer diameter ratio
(Di/Do). The normalized axial strength Nexp/Nu grad-
ually decreased as the ratioDi/Do increased. This fact
suggested that confinement effect decreased asDi/Do
increased. The detailed confined effect under centric
loading action is given later.

3.2.2 Pure bending test
When neutral axis locates inner tube, pure bending
strength (Mu) can be obtained as below

where k: reduction factor of concrete (=0.85), Ro, Ri:
radii of outer and inner tubes, to, ti: thicknesses of
inner and outer tubes.Two degrees, αo and αi, between

Table 2. Test results.

neutral axis and the bottom of compressive zone can
be obtained when Nu is equivalent to zero, namely,

The relationship between testing results and estima-
tions is shown in Fig. 11. Experimental values are also
good agreement with or larger than estimated ones by
Eq. (2). Furthermore, Figure 12 shows the relationship
between normalized pure bending strength (Mexp/Mu)
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Figure 10. Di/Do and Nexp/Nu.

Figure 11. Experiments and estimations.

and Di/Do. It can be also found that Mexp/Mu
decreased as Di/Do increased. This is because con-
fined strength decreased asDi/Doincreased. Obtained
test results are similar to above-described centric load-
ing results. Discussion on confined effect subjected to
pure bending action is also given later.

3.2.3 Comparison of two test results
Increasing Di/Do, axial strength ratios Nexp/Nu sim-
ilarly decreased owing to tube thickness as shown in
Fig. 10. It can be seen, however, that the difference due
to tube thickness for bending strength ratioMexp/Mu as
shown in Fig. 12. The reason why the difference may
be that thick tubes were easy to rupture at their end
under bending action.

3.3 Deformabilities

3.3.1 Centric compressive loading test
Figure 13 shows the relationship between normal-
ized axial load and axial shortening, which are the
ratio of axial displacement to specimen’s height (H ).
The obtained initial stiffnesses up to 0.5% of axial
shortening of CFDST agreed with that of CFT. How-
ever, the specimen, Di/Do of which is equal to 0.7,
exhibited smaller deformability in comparison with
the specimen with Di/Do being less than 0.47.

Figure 12. Mexp/Mu and Di/Do.

Figure 13. CC test.

Figure 14. PB test.

3.3.2 Pure bending test
The relationship between normalized bendingmoment
(Mexp/Mu) and central displacement is provided in
Fig. 14, in which broken lines indicate yielding of
each specimen. The bending deformability of CFDST
specimens almost agree with that of CFT. However,
maximum curvature of CFDST with Di/Do = 0.7
attains to 25mm, which is the smallest value of all the
specimens. This is due to the local bending moment
observed at the sustaining of the end plate as described
in Failure mode.
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Figure 15. Stress histories of outer tube.

3.3.3 Comparison of two test results
From the two test results, increasing the diameter-
to-thickness ratio within 0.47, the deformabilites of
two tests are good agreement with those of CFT. For
the bending test specimens with largestDi/Do = 0.70,
ultimate deformabilities can not be obtained owing to
the local bending moment occurred near the bolted
connection after peak behavior.

3.4 Biaxial stress

3.4.1 Calculation of elasto-plastic stress
When perfectly plasticmaterial subjected to vonMises
criterion is applied, yield condition under plane stress
is expressed as

where σz , and σθ are axial and circumferential stresses,
respectively.
When the tubes enter the elasto-plastic zone, the

relationship between two increments of stress, dσz and
dσθ , and those of strain, dεzand dεθ , are expressed as

Figure 16. Stress histories of inner tube.

where S, S1 and S2 are expressed as below

then ν is Poisson’s ratio, σz , σθ are deviatoric stresses
of circumferential and axial directions. In this paper,
compressive values are treated as positive.

3.4.2 Comparison of test results
The stress histories of outer tube under compression
and bending-compression are shown in Fig. 15, x and
y axes in which are divided into yielding stress fy.
Axial or bending-compression stress σz attaining to
yield surface, circumferential stress (σθ) proceeded
into tensile region. This fact can be explained in terms
of volumetric dilatation of in-filled concrete. The ten-
sile circumferential stress of the specimen c16-1125
under centric compression took place initially. This
is because the test stub column swelled owing to the
thinnest thickness between the two walls.
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Figure 17. σθo/f ′
c ) and Di/Do.

Whereas, stress conditions of inner tube are pro-
vided in Fig. 16. The circumferential stress arose
toward compression after yielding of axial stress or
bending-compression stress, σz . This is also due to
the volumetric dilatation being caused by in-filled
concrete.

3.5 Confined stress intensity

Confined stress induced by outer tube is expressed as

where σθo is confined strength when maximum load is
obtained.
Figure 17 shows the relationship between normal-

ized confined strength being divided into concrete
cylinder strength (σθo/f ′

c ) and the ratioDi/Do. It should
be noted that Di/Do increases as σθo/f ′

c decreases.
This observation also leads to a conclusion thatDi/Do
increases as both axial and pure bending strength
decreases as described in 3.2 Ultimate strength.

4 CONCLUSIONS

Centric compressive loading and pure bending tests
of each twelve specimens of CFDST under two test-
ing parameters, Do/to and Di/Do, were conducted
respectively.Confined strength of their tests aremainly
discussed.The main results obtained are shown below.

– Observed failuremodeof centric compressive load-
ing test is local buckling of double tubes associated
with shearing failure of in-filled concrete. That of
bending test is local buckling and cracking of outer
tube in compression and tension due to bending.

– Strengths obtained by two tests are identical or
larger than the estimations.However, inner-to-outer
diameter ratio, Di/Do, increased as both strengths
decreased

– Deformabilities of CFDST with Di/Do being less
than 0.47 obtained by two tests are almost similar
to those of CFT.

– Circumferential stress of outer tube proceeded into
tensile region after axial stress attains to yielding
surface in bending-compression or centric load-
ing. Whereas, that of inner tube proceed into
compressive region after yielding.

– Confined strength is meaningfully affected by
inner-to-outer diameter ratio Di/Do.
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J. Chen &W.L. Jin
College of Civil Engineering and Architecture, Zhejiang University, Hangzhou, China

Y.Ye & X.H. Sheng
Zhejiang Electric Power Design Institute, Hangzhou, China

ABSTRACT: Experimental investigation was conducted to study the ultimate strengths of concrete-filled
tubular CHS (Circular Hollow Section) T-joints under in-plane bending loading. The main chord was loaded
in compression while the brace was under in-plane bending loading. Three concrete filled steel T-joints were
tested. The failure modes and ultimate strengths of test specimens were obtained. Test results indicate that the
filled concrete has significant effect on the ultimate strength of T-joints. Design equations for the concrete-filled
T-joints under in-plane bending were proposed. Width of weld, contribution of concrete in compression and
variation of thickness at the chord punch shear face were considered in the proposed equations. It is shown that
predictions obtained from the proposed equations are generally accurate compared with test results. In addition,
simplified equation was also proposed.

1 INTRODUCTION

Tubular truss structures have been widely used in
buildings, bridges and offshore structures for their
pleasing appearance, light weight, easy fabrication
and rapid erection. Concrete-filled steel tubes are
increasingly used in the truss structures as the main
chords due to its excellent performance in compres-
sion. In this type of structures, the chord of the joint is
concrete-filled steel tube while the brace is steel tube.
There are many researches focused on the behaviour
and strengths of concrete-filled steel tubular joints.
Tebbett et al. (1979) tested grouted T-joints used in
offshore structures. Packer (1995) tested concrete-
filledT-, X- and gapped K-connections. Feng&Young
(2009)(2010) conducted experiment investigation on
concrete-filled stainless steel tubular T- and X-joints.
Experimental investigation indicates that filling the

circular hollow section chord member with concrete
could effectively improve the strength of the joints.
Therefore design equations specified in current AISC
(2010) and CIDECT Standard (2000) for hollow steel
tubular joint may not applicable. Design methods for
concrete-filled hollow structural section (HSS) steel
joints are proposed by Packer et al. (1992). However,
those designmethod are only for the square and rectan-
gular section joints.There is still lack of designmethod
for the concrete-filled steel circular hollow section
joints. The intersecting curve of brace and chord for
circular section joint is a space curve which makes the
calculation of circular section joint more complex than
that of square and rectangular section. Therefore, new
design method should be proposed for concrete-filled

tubular CHS joints. In this study, design method was
proposed for concrete-filled T- joints under in-plane
bending.

2 SUMMARY OF EXPERIMENTAL
INVESTIGATION

The test program presented in Chen et al. (2010) pro-
vided experimental ultimate loads and failure modes
of circular hollow section concrete-filled steel tubular
joints under in-plane bending. The T-joints specimens
were fabricated from circular hollow section steel
tubes. Self-compacting concrete (SCC) was filled in
the concrete-filled steel joints. In total three concrete-
filled steel T-joints were tested. The dimensions and
geometric ratios of the joints were given in Table 1.
Tensile coupon tests were conducted to obtain

the steel material properties of the test specimens.

Table 1. Measured dimension of test specimens.

Chord Brace

D T d t
Specimens Steel (mm) (mm) Steel (mm) (mm)

CS219-159 20# 219 8.42 Q345 159 5.60
CS219-168 20# 219 8.43 Q345 168 7.82
CS219-203 20# 219 8.42 Q345 203 7.79

D: Outer diameter of chord; T : Wall thickness of chord;
d: Outer diameter of brace; t: Wall thickness of brace.
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Table 2. Tensile coupons test results.

Nominal Measured
thickness

Steel (mm) E (GPa) fy (MPa) fu (MPa) εf (%)

20# 8.4 200.1 325 480 29.5
Q345 5.6 199.0 330 485 34.0
Q345 7.8 203.7 375 530 30.0

Table 3. Ultimate strengths and failure mode of test
specimens.

MTEST
Specimens (kN ·m) Failure mode

CS-219-159 72.9 Chord punch shear yielding &
brace yielding

CS-219-168 99.4 Chord punch shear yielding
CS-219-203 157.7 Chord punch shear yielding

Table 4. Comparison of design strengths with test results.

MTEST MAISC MCIDECT
Specimens (kN ·m) (kN ·m) (kN ·m)

CS-219-159 72.9 41.4 40.0
CS-219-168 99.4 46.3 44.7
CS-219-203 157.7 67.5 65.3

The measured material properties obtained from the
coupon tests are summarized inTable 2. The compres-
sive strength ( fcu) and elastic modulus (Ec) obtained
on 150-mm cubes at 28 days were 56.0MPa and
37420MPa, respectively.The details of the experimen-
tal investigation are presented in Chen et al. (2010).
The experimental ultimate loads (MTEST ) and failure
mode obtained from the column tests are shown in
Tables 3.
The test specimens are labeled such that the chord

type, outer diameter of chord, and outer diameter of
brace could be identified from the label. For exam-
ple, the labels “CS-219-203” define the specimens as
follow:

• The first two letter indicate that the type of the
chord, where the prefix “CS” refers to Concrete-
filled Steel tube.

• The following three digits indicate the nominal outer
diameter of the chord of specimen in mm.

• The last three digits are the nominal outer diameter
of the brace of specimen in mm.

The design strengths calculated using currentAISC
Standard (MAISC ) and CIDECT Standard (MCIDECT )
are compared with test results in Table 4. It is shown
that the design strengths are very conservative. It
should be noted that the AISC standard and CIDECT
standard are for steel joints instead of concrete-filled

Figure 1. Analytical model of concrete-filled tubular
T joint under in-plane bending.

steel joints. Therefore, design equations for concrete-
filled steel joints are needed.

3 PROPOSED DESIGN METHODS

3.1 Design assumptions

The analytical mode is presented in Fig. 1. The fol-
lowing design assumptions are made in the proposed
design method:

1) Full plastic deformation developed for steel at the
chord-brace intersecting curve.

2) An equivalent uniform compressive stress distri-
bution (stress block) is used to replace the more
exact concrete stress distribution for concrete in
compressive zone.

3) Tensile strength of concrete is neglected.

3.2 Concrete strengths

The load area of concrete in compression is surrounded
by additional concrete. Packer (1995) has recom-
mended the ratio of bearing stress to the crushing
strength of concrete in square or rectangular section
concrete-filled joints. It should be noted that the con-
crete are filled in full length of the chord in this study.
In addition, the loaded area of circular section joints
mainly near the crown of the chord and ismuch smaller
than the loaded area of square or rectangular sec-
tion joints. Therefore, the concrete strength is taken

as fcb = 79√fc le 5fc, as suggested by CEP-FIP(1993).
For concrete strength lower than 250Mpa, fcb = 5fc is
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Figure 2. Crack on the chord of specimen CS-219-203.

Figure 3. Shear force on the chord punch shear face.

used in the following derivative. fc is the compressive
strength of the filled concrete in the chord.

3.3 Width of weld

The crack on the chord (Fig. 2) indicates that width
of the weld should be considered in the design. How-
ever, the width of the weld around the brace is not
constant. Therefore, an effective diameter of the brace
(de) is proposed in this study and could be calculated
as Eq. (1).

where d is the outer diameter of the brace; tw is the
width of weld at the crown point of the chord.

3.4 Thickness variation at the chord punch shear
face around the brace

The chord punch shear face around the brace is the face
in the chord intersected by the brace outer perimeter
(+weld width) and is parallel to the axis of brace. The
thickness of the chord punch shear face around the
brace varied along the chord-brace intersecting curve,
as shown in Fig. 3. The thickness of the chord punch
shear face equals to the wall thickness of the chord at
the crown point of the chord while it is much thicker

than the wall thickness of the chord at the saddle point
of the chord. In order to consider the thickness vari-
ation of the chord punch shear face, the shear force
V at the chord punch shear face is decomposed into V‖
and V⊥ as shown in Fig. 3, where V‖ =V cosα is the
force vertical to the chord radius and V⊥ =V sin α is
the force parallel to the chord radius. Thus there are
two possible failure modes, V‖ reach maximum shear
force or V⊥ reach maximum tensile force.
When shear failure occurs, Eq. (2) and Eq. (3)

should be satisfied:

and

where fy is the yield strength of the chord, fv is the
shear yield strength of the chord;T is thewall thickness
of the chord.
Thus Eq. (4) could be obtained:

α should be ≤π/3 and Eq. (5) could be obtained:

where β= de/D; D is the outer diameter of the chord.
The solutions of Eq. (5) are shown in (a) and (b):

When conditions (a) or (b) is satisfied, shear failure
will occur, and the shear force at the chord punch shear
face (V ) could be calculated using Eq. (6):

When tensile failure occurs, Eq. (7) and Eq. (8) should
be satisfied:

Thus Eq.(9) could be obtained:
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α should be ≥π/3 and Eq. (10) could be obtained:

The solution of Eq. (10) is shown in (c) and (d):

When conditions (c) and (d) are satisfied, tensile fail-
urewill occur.The shear force at the chord punch shear
face (V ) could be calculated using Eq. (11):

From Eq. (2)–(11), it could be seen that the whole

chord punch shear face failed in shearwhenβ≤ √
3/2.

When β≥ √
3/2, part of the chord punch shear face

(near the crownpoint of the chord) failed in shearwhile
another part (near the saddle point of the chord) failed
in tensile.

3.5 Position of neutral axis

The thickness variation at the chord punch shear face
around the brace is not considered in determining the
position of neutral axis (LineAB in Fig. 3) for simplic-
ity. The position of neutral axis could be determined
using Eq. (12) and (13) based on the assumptions in
3.1, as illustrated in Fig. 4.

where Pps = fvπdT ; Pc = fcπ d2

4
The distance (y) between the central of brace section

(O) and action point of concrete and steel combined
compression force (C) could be calculated as Eq. (14):

Figure 4. Position of neutral axis.

3.6 Moment capacity

When β≤ √
3/2 the chord punch shear face failed in

shear and the moment capacity could be calculated
using Eq. (15).

When β≥ √
3/2, part of the chord punch shear face

failed in tensile and another part failed in shear,
thus the moment capacity could be calculated using
Eq. (16).

where φ= arcsin
(√

3
2β

)
The design strengths calculated using the measured

geometry sizes and material properties are compared
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Table 5. Comparison of design strengths with test results.

MTEST Mps Msim
Specimens (kN ·m) (kN ·m) (kN ·m)

CS-219-159 72.9 89.1 84.6
CS-219-168 99.4 102.3 93.1
CS-219-203 157.7 155.9 134.7

with the test results in Table 5. It is shown that the
design strengths agree with the test results well for
specimens CS-219-168 & CS-219-203. For specimen
CS-219-159, the design strength is unconservative.
The reason is that the brace of specimen CS-219-159
yielded and the load was unable to increase during the
test. Therefore, the ultimate strength of the chord is
not fully developed.

3.7 Simplified design method

It is shown that the proposed method using Eqs. (2)–
(16) is very cumbersome. Therefore, a simplified
design method was also proposed. The variation of
the thickness at the chord punch shear face is not
considered in the simplified model. In addition, the
distance of the central of brace to the action point of
combined force of concrete and steel in compression
(y) is assumed to be de/2. Thus the ultimate strength
could be calculated usingEq. (17) as below.The design
strengths (Msim) are presented in Table 5. It is shown
that the design strengths calculated using the pro-
posed equations are conservative except for specimen
CS-219-159.

4 CONCLUSIONS

Design equations for the concrete-filled steel tubu-
lar T-joints under in-plane bending were proposed.
The width of weld, contribution of concrete in com-
pression, variation of thickness at the chord punch
shear face were considered. It is shown that the pro-
posed design equations are generally accurate. In
addition, simplified design equation is also proposed.
The design predictions from the simplified equation
are generally conservative.
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NOTATION

The following symbols are used in this paper:
d = outer diameter of brace;
de = effective outer diameter of brace;
D = outer diameter of chord;
E =Young’s modulus;
Ec =Young’s modulus of concrete;
fcu = concrete compressive strength,

by 150-150-150 cubic specimens;
fc = crush strength of strength, by cylinder tests;
fcb =maximum bearing stress;
fy = yield stress of steel;
fu = ultimate stress of steel;
fv = shear strength of steel;
MAISC = ultimate strength of specimen predicted

using AISC standard;
MCIDECT = ultimate strength of specimen predicted

using CIDECT standard;
MFEA = ultimate strength of specimen obtained

from finite element analysis;
MPS = ultimate strength of specimen predicted

using proposed equations;
MSim = ultimate strength of specimen predicted

using simplified equations;
MTEST = ultimate strength of specimen obtained

from test results;
t =wall thickness of brace;
tw =width of weld at the crown point of

the chord;
T =wall thickness of chord;
V = shear force at the chord punch shear face;
V‖ = force vertical to the chord radius on the

chord punch shear face;
V⊥ = force parallel to the chord radius on the

chord punch shear face;
y = distance between the central of brace

section and action point of concrete
and steel
combined compression force;

β = ratio of brace outer diameter to chord
outer diameter;

εf = elongation (tensile strain) after fracture
based on gauge length of 50mm.
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ABSTRACT: Concrete-filled Tube panel zone behavior is studied in theory. Deformation conversion method
that using length changes of the diagonals to calculate the shear angle is derived in both two-dimensional
and three-dimensional occasions. Trilinear model for steel tube and elastic-perfectly plastic model are adopted
to simulate the panel zone behavior. Based on reasonable shear transfer mechanism assumption, a four-line
model is set up by superposition method to calculate the capacity and deformation. The theory is promoted to
three-dimensional occasions and establishes contacts between planar and spatial parameters.

1 INTRODUCTION

1.1 Research background

Composite tubular connections are widely used in
building structures (Kurabane et al. 2004). Shear
capacity is one of the main elements of the composite
connection design. Technical specification for struc-
tures with concrete-filled rectangular steel tube mem-
bers (2004) shows how to calculate shear capacity of
composite plane connections with internal diaphragm.
However, with further research, we find that it is
inaccurate to follow the existing code. Besides, earth-
quake always shakes the buildings with bi-directional
load. Actually there are little studies on 3D composite
connections.

1.2 Research status

Normally, during frame structure design, connections
are substituted by simply rigid or swing joint. However
in order to evaluate a structuremore accurately, further
features of connections should be take into account.
Based on the tests, Rassati & Leon (2004) devel-
oped the component modeling of partially restrained
composite joints under cyclic and dynamic loading as
shown in Figure 1.
For the Spring 1, a variety of models have been

put forward. Qin (2006) and Xu (2008) studied CFT
planar connections and modified the design formu-
las. Kanatani (1987) studied on concrete filled RHS
column to H-beam connections. Peng (2001), Cheng
(2000) and Ricles (2004) also did a lot on CFT column
to beam connections. In terms of the shear capacity,
all these models use superposition method including
both steel tube and core concrete.VonMises criteria is

Figure 1. Component modeling for planar connections.

applied to assess the stress state of steel tube, in con-
trast, there is no uniform method to calculate the core
concrete.
On balance, though lots of research has been done,

the shearing transfer mechanism is still puzzled. It
is not able to calculate the behavior of panel zone
precisely due to a lack of rational theory model.

2 DEFORMATION CALCULATION

2.1 Deformation in plane connections

For plane connections under unidirectional shear load-
ing case, square panel zone changes into parallelogram
as shown in Figure 2. Considering cyclic loading, the
direction of the parallelogram is changing. Therefore,
if we lay displacement gauges along the diagonal to
test the relative displacement of the panel zone, we can
obtain the shear deformation using Equation 1. Some
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Figure 2. Schematic diagram for 2D shear deformation.

numberings of the accessory equations are neglected
for short.

In the above formulas, symbol a stands for thewidth
of the panel zone and b stands for the height.�1 +�2
and �3 +�4 are the length changing of the two diag-
onals. Other symbols’meaning can be comprehended
from Figure 2.
Based on the loading conditions in the test (Fig 3),

shear force of the panel zone can be calculated by
Equation 2.

In this formula (2), Qj stands for the shear force, Qb
stands for the vertical loading at the beam and Qc
stands for the reaction force at end-column. The other
symbols are shown in Figure 3.

2.2 Deformation in 3D connections

For three-dimensional case, the situation ismuchmore
complicated. When subjected by bi-directional shear
force, the panel zone is changed into parallelograms
in both two directions. Overall, a cuboid is changed
into a parallelepiped while ∠AOB retains right angle
as shown in Figure 4. Similar with the plane occa-
sion, we can use the displacement gauge to measure
relative displacement of diagonals�1 +�2,�3 +�4,

Figure 3. Loadcase for plane connections.

Figure 4. Schematic diagram for 3D shear deformation.

and �′
1 +�′

2,�
′
3 +�′

4. In this way, we can calculate
the shear angle of plane1 & 2 by Equation 3 & 4.

From the geometry relationship, we can figure out
that shear deformation in plane OBC has nothing to
do with plane OAC or vice versa. On the other hand,
O′A′ is on the XZ plane while O′B′ is on theYZ plane.
So we can calculate the angle between O′A′(O′B′) and
X(Y) axis following Equation 5.
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By solving the projection in the XZ plane and the
YZ plane caused by 3D shear angle γ and γ ′, we can
get equivalent 2D shear angle.
There is no harm in marking C′(xc, yc, zc) in

coordinate system O′X′Y′Z′. By the projection trans-
formation, C1 in the XZ plane can be expressed as
C1(xc,0,zc) and C2 in the YZ plane can be expressed
as C2(0,yc,zc). According to the geometry, vectors can
be expressed as follows.

O′A′ = (a cosα2, 0, a sin α2)

O′B′ = (0, a cosα′
2,−a sin α′

2)

making that

Using the equation,

we can find that

in this formula

Though the above method, the projection length of
O′C′ in theXZplane and theYZplane can be expressed
as L1 and L2

So the shear deformation in 3D occasion can be
derived.

The meaning of the symbols in Equation 6 & 7 can
be found previously.

Figure 5. Trilinear model for steel tube in panel zone.

3 MODEL FOR PLANE CONNECTIONS

3.1 Model for steel tube

According to the existing research, shear capacity of
composite connections is made up of panel zone steel
tube and concrete.
In this paper, we use trilinear relations to describe

the steel tube in the panel zone. Shear capacity, yield
deformation and ultimate deformation caused by steel
tube in the panel zone can be expressed as follows.

Here Aw =As/2 stands for the effective shearing
area of steel tube. fsy and fsu stand for the yield strength
and ultimate strength of steel tube.

N stands for the axial force while Es and Ec stand
for theYoung’s modulus of steel and concrete. As and
Ac mean the area of steel and concrete. κs stands for
shearing-shape coefficient, here we take 1.2 for square
tube.
As the shear modulus of steel, Gs is usually a

constant about 79× 103 MPa.
G′
s reflects the reduction of shear modulus after

yielding as shown in Figure 5. The reduction rate α
can be taken for 0.1 as a suggestion.

3.2 Model for core concrete

For the sake of simplicity, core concrete can be simu-
lated by elastic-perfectly plasticmodel. Ultimate shear
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Figure 6. Model for concrete in 2D panel zone.

Figure 7. Schematic for angle of compression strut.

capacity can be decomposed into two parts, main com-
pression strut (Vcu1) and confined compression strut
(Vcu2) (Fukomoto 2005) as shown in Figure 6.
Main compression strut is evolved from the arch

mechanism observed in reinforced concrete beam
shear capacity research as shown in Figure 7. (AIJ
1990) According to Fukumoto (2005), shear capac-
ity and ultimate deformation can be expressed as
following.

Here h is the height of panel zone. For composite
beam connection, h= 0.5hc + hb − tbf , for steel beam
connectionh= hb − 2tbf .hc andhb stands for the thick-
ness of concrete slab and height of steel beam. tbf is the
thickness of steel beam flange. dc =Bc − 2tcf stands
for the width of concrete panel zone. Bc and tcf means
the width and thickness of steel tube.

Figure 8. Four-line model for 2D connections.

As shown in Figure 6, the length of partA is la.There
exists plastic hinges at both ends due to the pressure
applied to the flange from concrete.Assuming that the
rotation angle is ψ, based on the principle of virtual
work, we obtain that

In this formula, Mfp = (dst2s /4)σsy stands for the
ultimate moment beard by steel flange.
As for the deformation, κc is the shearing-shape

coefficient. Gc =Ec/2(1+ νc) is the shear modulus of
concrete. Symbol νc stands for the Poisson’s ratio.
Through regression method, reduction coefficient

αcu of shear modulus for concrete can be expressed as
αcu = 0.00158fc + 0.0411h/(Bc − 2tcf )+ 0.086

3.3 Superposition model for 2D connections

With model for steel tube and core concrete, we can
get the four-line model using superposition method as
shown in Figure 8. Here point A is the yielding point
and C is the ultimate point.The shear capacity of panel
zone can be expressed as following.

Normally, during the loading process, the steel tube
webs come to yield first, then the core concrete reaches
ultimate deformation and at last, steel tube webs fail
as what case 1 describes.

98



Figure 9. Schematic diagram for 3D shear load case.

4 MODEL FOR 3D CONNECTIONS

4.1 3D model for steel tube

Under bidirectional loading, steel tube bears not only
axial force but also two-way shear force as shown in
Figure 9.
The stress state of steel can be expressed using von

Karman notation as

Using von Mises yield criterion, considering that
for equally bidirectional load case, making τ1 = τ2 we
can obtain that

Similar with the 2D occasion, using τmaxcalculated
before, we can figure out shear capacity contributed
by steel tube.

In terms of deformation, assuming that 3D shear
deformation angle γ = γ ′, according to Equation 6&7,
we know that γ3D = γ ′

3D.
From the expression of zc, zc ≈Kh as shear defor-

mation γ is small. Therefore L1 = L2 = zc ≈Kh, steel
tube yielding shear deformation and ultimate defor-
mation can be expressed as following.

In this formula, we can build relationship between
2D shear deformation and the 3D one.

Figure 10. 3D compression strut model for concrete.

Figure 11. 3D compression strut model for concrete.

4.2 3D model for core concrete

Just the like 2D occasion, we can decompose the shear
capacity into two parts, themain compression strut and
the confined compression strut with 3D stress state as
shown in Figure 10.
Similar with plane connection, using calculus the-

ory and considering symmetrical condition, we can
obtain the capacity of main compression strut Vcu1.
In the infinitesimal plane shown in Figure 11(a),

Through integration, we can obtain
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And for the confined compression strut shown in
Figure 11(b), in the infinitesimal plane,

Through integration, we can also obtain

in which

and

Considering that in the actual project design, shear
capacity should be decomposed into x&y direction.

The ultimate shear deformation can be expressed as

In which

stands for the ultimate shear deformation in 2D
case. The other symbols’ meanings are like before.
Normally, γcu tends to reach 0.05 rad approximately.

4.3 Superposition model for 3D connections

Using the results that have been stated, we can get
superposition model for 3D connections to calculate
the capacity and the deformation.
The basic form (Fig 8) of the model is just like the

2D occasion except that we should use Vpu, Vpy and
γcu, γsy, γsu obtained in 3D occasion instead of the
original ones.

5 CONCLUSIONS

In this paper, trilinear model for steel tube and elastic-
perfectly plastic model are adopted to simulate the

panel zone behavior. Based on reasonable shear trans-
fer mechanism assumption, this paper sets up the
four-line model by superposition method to calculate
the capacity and deformation. In order to expand the
range of applications, this paper promotes the theory to
3D occasions and builds relationships between planar
and spatial parameters.

6 NOTATION

Here is the Notation for this passage.
γ shear angle
a width of the panel zone
b height of the panel zone
�1 +�2/�3 +�4 length changing of the

two diagonals
Qj shear force
Qb vertical loading at the beam
Qc reaction force at end-column
As area of steel tube section
Aw effective shearing area of steel tube
fsy yield strength of steel
fsu ultimate strength of steel
N axial force
V shear force
γcu ultimate shear angle for concrete compression

strut model
γsy shear angle reflects yield point of steel
γsu shear angle reflects ultimate point of steel
Vcu shear force supported by concrete
Vsy shear force supported by steel(with yield

strength)
Vsu shear force supported by steel(with ultimate

strength)
Vpu calculated shear capacity
Es Young’s modulus of steel
Ec Young’s modulus of concrete
Ac area of concrete section
κs shearing-shape coefficient
Gs shear modulus of steel
h height of concrete panel zone
dc width of concrete panel zone
hc thickness of concrete slab
hb height of steel beam
tbf thickness of steel beam flange
Bc width of steel tube
tcf thickness of steel tube
Mfp ultimate moment beard by steel flange
αcu concrete’s reduction coefficient of shear

modulus
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ABSTRACT: Concrete filled tubes have been increasingly used in recent decades as columns or beam-columns
in tall buildings, due to their excellent mechanical qualities under compression. This is the reason why several
investigations have been also focused on their behavior in bending last years, although few real bending appli-
cations exist. Derived from this well-known composite sectional typology, concrete filled double skin tubular
sections appeared–composed this time by two concentric steel tubes and filled concrete between them.They have
been investigated these last years by different structural researchers due to their improved ductility and strength,
especially in seismic areas. However, no studies exist related with their bending response. This investigation has
developed a numerical model with a damaged plasticity material model for concrete, in order to describe the
behavior of concrete filled symmetric and asymmetric double skin tube sections subjected to pure bending. The
term “asymmetric” refers to those double skin tubular sections in which the inner tube has been displaced along
the “y” axis, so that more steel area is moved far from the centroid. Although it is known that asymmetry is not
really effective in sections subjected to pure compression, in bending these sections are capable of improving
their resistant response in some cases. To verify that purpose, different specimens with different geometries
and material strengths have been analyzed. This text presents general conclusions about their behavior and
advantages, and also some basic rules for future civil and architectural structures.

1 INTRODUCTION

1.1 Concrete filled double skin tubes
under bending

Concrete Filled Tube sections (CFT) have been
increasingly used these recent decades as columns or
beam-columns in tall buildings, due to their improved
ductility and strength. These resistant qualities come
from the combination of material properties of steel
of the tube and concrete of the core. Concrete in these
sections improves considerably its strength, as a result
of the lateral pressure caused by confinement effect.
Recently, a new sectional typology has appeared,

derived from the mentioned CFT ones: concrete filled
double skin tubular sections (CFDST), formed by two
concentric steel tubes and filled concrete between
them. These new sections improve the resistant capa-
bilities of the first ones, especially in slender columns
by virtue of their hollowness.
While numerous investigations have been carried

out to describe the behavior of CFDST sections sub-
jected to pure compression (Tao et al., 2004) , (Han
et al., 2006) and (Uenaka et al., 2010), no studies exist
related with their behavior subjected to pure bending,
although they could have a good response also in this
case. It is known that the steel disposed near neutral
axis of a section is not really effective in resisting bend-
ing efforts; in case of double concentric skin tubular

Figure 1. Concrete filled double skin [a] symmetric and
[b] asymmetric tube sections.

sections, the whole inner tube fully coincides with the
centroid of the composite section [Fig. 1].

1.2 Concrete filled double skin asymmetric tubes
subjected to bending

Different from concentric CFDST sections do behave
the asymmetric ones formed also by two steel tubes
(outer and inner) –but displaced over the “y” axis- and
filled with concrete between them.The fact of displac-
ing the inner tube could enhance its ultimate bending
capacity. The effectiveness depends logically on the
value of the friction forces developed between both
material surfaces.
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Figure 2. Concrete filled double skin asymmetric tube
section under bending.

Concrete filled double skin symmetric and asym-
metric tubes could have interesting applications in
future architectonical and civil structures, especially
in those beam tubular elements with an outer maxi-
mum diameter fixed for design reasons. However, the
use of asymmetric sections should be only focused on
bending elements, since their response under compres-
sion is not really advantageous from the one provided
by the concentric ones.
This investigation is devoted to describe the behav-

ior and to point out possible applications of symmetric
and asymmetric CFDST sections subjected to pure
bending. For this purpose, a numerical analysis has
been carried out and general design rules are pro-
posed, derived from several analyses with different
geometries and material strengths.
The fact of displacing the inner tube along the “y”

axis of the section makes better use of the material
under pure bending, since more concrete becomes
compressed andmore steel becomes tensioned [Fig 2].
Furthermore, this new typology is easily suitable for
post-tensioning by improving notably its effectiveness.
Several scientists have been investigating about

bending of simple CFT sections these recent years:
(Chitawadagi et al., 2009), (Lu et al., 2007), (Probst
et al., 2010) and (Elchalakani et al., 2001).

2 FINITE ELEMENT MODELLING

Elchalakani et al. (2001) tested several specimens of
concrete filled tube sections subjected to pure bend-
ing. Five of these sections have been used in this
investigation to calibrate the numerical model pro-
posed, in order to be capable of reproducing the
flexural behaviour of asymmetric CFDST sections.
The specimens reproduced in this numerical analysis
are all different to validate the results from a theo-
retical simplified model, also proposed in Section 6.
The numerical modelling has been done using the
commercial softwareABAQUS/Explicit, version 6.10.

2.1 FEM model geometry and meshing

Three-dimensionalmodels havebeenused in this study
to reproduce the steel tubes and the concrete core. For
both steel and concrete part instances, element type

Figure 3. General view of the mesh used for the model.

Figure 4. Uniaxial stress-strain curve used for concrete.

C3D8 available inABAQUS6.10 library has been cho-
sen.This is a three-dimensional brick element, defined
by 8 nodes with three degrees of freedom at each one,
and no reduced integration. This is a general purpose
linear brick element.

2.2 FEM material properties

2.2.1 Concrete
The well-known damaged plasticity model for con-
crete, available in ABAQUS 6.10, has been used to
simulate the complex concrete behaviour. This is a
three-dimensional continuum plasticity-based dam-
agedmodel which is capable of simulating both tensile
and compressive concrete responses, even in case of
high confining pressures.
Two hardening laws (depending on plastic strain

rates) are defined separately into tension and compres-
sion. Concrete in plastic range behaves really different
under tension that under compression (Fig. 4), as it is
shown in figure below. Beyond the maximum com-
pressive or tensile yield stress, a damage process starts
to degrade the stiffness matrix of the material. The
damaged ratio in both states is expressed by the scalar
coefficient dc and it represents the percentage of crack-
ing or crushing as it is explained in the investigation
carried out by Castro (2011).
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Figure 5. Uniaxial true and apparent stress-strain curves
used for steel.

Using the model proposed, no discrete cracks
appear beyond the maximum tensile stress due to
the assumption of continuity, although they would
really exist. When concrete reaches its maximum ten-
sile strength, its stress quickly decreases according
to an exponential descent. This behaviour has been
reproduced in the material model through a bilinear
function. By the contrary, a multi-linear curve has
been defined for plastic hardening in compression [see
Fig. 4].
This model allows defining the shape of the yield

surface bymeans of the twoparametersKc andσb0/σc0:
the first one describes the shape of the deviatoric plane,
while the latter describes the ratio between the initial
equibiaxial to the uniaxial compressive yield stress. A
non-associated flow rule is used and the flow poten-
tial follows the Drucker-Praguer hyperbolic function.
The dilation angle proposed is 31◦, and the viscosity
parameter is defined small (close to zero) in order to
allow stresses outside the yield surface, and this way
avoiding convergence difficulties.
The maximum tensile yield stress for concrete is

considered as the 9% of the maximum characteristic
compressive stress, and for the elastic Poisson’s ratio,
an initial value of 0.20 has been used. The initial mod-
ulus of elasticity has been derived from the following
experimental expression:

2.2.2 Steel
An elastic-plastic model according to the von Mises
yield criterion has been implemented for steel of the
tubes. A complete stress-strain curve with hardening
effect has been defined, obtained from uniaxial exper-
imental tests. For the elastic Poisson’s ratio, a value of
0.30 has been taken, and for the elasticYoungmodulus,
a value of 210000N/mm2 has been used.

Table 1. Specimens tested by Elchalakani et al. (2001).

Specimen D t fc fy Ec Ey

CBC1 101.83 2.53 23.40 365 22735 2.0e5
CBC2 88.64 2.79 23.40 432 22735 2.1e5
CBC3 76.32 2.45 23.40 415 22735 2.1e5
CBC4 89.26 3.35 23.40 412 22735 2.1e5
CBC5 60.65 2.44 23.40 433 22735 2.1e5

*All values expressed in [mm] and [N/mm2].

2.2.3 Interaction properties
Interaction between the steel tubes and the concrete
core is crucial in order to guarantee a correct activa-
tion of the inner profile. The option surface to surface
contact, available in ABAQUS, has been used in the
model; the interaction properties defined are capable
of transferring both normal and shear stresses.
For normal stresses, the option “hard contact” has

been chosen to reflect the contact status of the different
part instances; for tangential stresses a friction coef-
ficient has been calibrated according to Eurocodes,
with an initial elastic slip. The friction coefficient has
been defined variable depending on normal stresses,
but always starting from an initial value of 0.20 (see
section 3.1 of this text).

3 VALIDATION OF THE FE MODEL

To validate the numerical model proposed, curves
obtained from five real experiments, carried out by
Elchalakani et al. (2001), have been compared to the
results from the FE analysis. These tests deal with
simple concrete filled tubes subjected to pure bend-
ing, with different material strengths and geometries.
Specimens used for that purpose are listed below in
Table 1.

3.1 Validation of the friction coefficient used

Due to the importance that have friction forces in
CFDST sections to transfer forces in bending, and
in order to be capable of quantifying them, three
more analyses have been carried out assuming a lin-
ear function for the friction coefficient, by using three
different initial values of 0.20, 0.25 and 0.30. Full coin-
cidence between experimental results and Eurocodes
is detected, since the FE curves match with accuracy
with the experimental results in case of assuming an
initial friction coefficient of 0.20. In concrete areas
with important normal pressures (beyond 5MPa, con-
sidered a standard value in circular CFT sections under
compression), the friction coefficient is enhanced up
to 0.35 according to the assumptions proposed in EC4
for circular-shaped sections.
Due to the similarity between the specimens pro-

posed, this comparison has been done only for CBC1.
An initial friction coefficient of 0.20 has been assumed
for all specimens. A linear function has been assumed
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Figure 6. Comparison of FE and experimental results for
CBC1, with different initial friction coefficients.

Table 2. Difference between FE and experimental results,
in terms of ultimate bending moment.

Specimen Mu test* Mu FEM* MuFEM/Mutest

CBC1 11.33 11.90 1.053
CBC2 10.86 10.38 0.953
CBC3 6.92 6.55 0.946
CBC4 10.47 10.99 1.049
CBC5 3.78 3.83 1.013

*Values expressed in KN ·m.

to determine the variation of the friction coefficient,
depending on normal stresses and with a maximum
value of 0.35 for pressures beyond 5N/mm2. In this
way, friction forces depend on the normal pressure
of the interfaces, and therefore their value can be
increased in confined areas.

3.2 Agreement between numerical and
experimental results

Four more specimens have been analyzed, and results
from the FE analysis and the experimental tests
have been compared in terms of maximum bending
moment. Maximum distortion observed between the
finite element models and the experimental tests car-
ried out by Elchalakani et al. (2001) is about 5.4% (see
Table 2).

4 NUMERICAL STUDY

With the aim of describing the behaviour of concrete
filled double skin tubes subjected to pure bending gen-
erally (symmetric and asymmetric), there have been
proposed 16 different specimens, with different mate-
rial strengths and different geometries. Sections which
end with letter A are symmetric, while sections which

Table 3. Properties of the CFDST Specimens proposed.

Specimen D1 t1 D2 t2 fc fy δy

CC01A 323.90 6.00 114.30 4.00 30 355 0.00
CC01B 323.90 6.00 114.30 4.00 30 355 52.40
CC02A 323.90 6.00 101.60 3.00 30 355 0.00
CC02B 323.90 6.00 101.60 3.00 30 355 55.58
CC03A 323.90 6.00 88.90 3.00 30 355 0.00
CC03B 323.90 6.00 88.90 3.00 30 355 58.75
CC04A 323.90 6.00 76.10 3.00 30 355 0.00
CC04B 323.90 6.00 76.10 3.00 30 355 61.95
CC05A 323.90 6.00 114.30 4.00 50 355 0.00
CC05B 323.90 6.00 114.30 4.00 50 355 52.40
CC06A 323.90 6.00 101.60 3.00 50 355 0.00
CC06B 323.90 6.00 101.60 3.00 50 355 55.58
CC07A 323.90 6.00 88.90 3.00 50 355 0.00
CC07B 323.90 6.00 88.90 3.00 50 355 58.75
CC08A 323.90 6.00 76.10 3.00 50 355 0.00
CC08B 323.90 6.00 76.10 3.00 50 355 61.95

*All values expressed in [mm] and [N/mm2].

Figure 7. Procedure used for the pure bending test in the FE
model and bending moment diagram obtained.

end with B are asymmetric, but equivalent in terms of
area. To simplify the analysis, the outer diameter has
been considered constant with a value of 323.90mm
obtained fromARCELOR®commercial tables; varia-
tions come from displacing and changing the diameter
of the inner profile.
Being δy the displacement of the inner tube on the

“y” axis of the section.
The specimens mentioned have been subjected to a

pure bending test, according to the methodology car-
ried out by Elchalakani et al. (2001), as it is shown
below:
A sample of the curves obtained from the numeri-

cal analysis is shown below [Fig.9] for the specimen
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Figure 8. General view of the FE model.

Figure 9. Moment-curvature diagrams for specimens
CC05, symmetric [A] and asymmetric [B].

Table 4. Percentage of variation of bending capacity
between Symmetric and Asymmetric Specimens.

Mu FEM Mu FEM Mu FEM
Specimen Symm [A] Asymm [B] Asymm/Symm

CC01 349.30 365.68 1.046
CC02 331.77 353.57 1.066
CC03 321.68 344.06 1.069
CC04 323.51 335.33 1.036
CC05 365.52 389.17 1.065
CC06 352.60 366.51 1.039
CC07 348.90 360.10 1.032
CC08 345.07 359.99 1.043

*All values expressed in kN ·m.

CC05, separated according to the position of the inner
tube (A symmetric and B asymmetric).
Full list of results obtained in the analyses is shown

in Table 4, by comparing symmetric with asymmetric
sections. Percentage of resistance gain is shown on the
right column, and it ranges between 3.2 and 6.9%.

5 ANALYSIS OF RESULTS

5.1 Stress distribution on concrete core

Several differences related with stress distribution in
concrete core have been detected from results of the
FE analysis. The position of the inner tube along the
“y” axis is decisive in order to determine the neutral
axis of the composite section.

Figure 10. Idealised areas of stress state in concrete core of
CFDS symmetric tubes subjected to bending.

It is important to note that the fact of displacing the
inner tube in the tensioned area of concrete core tends
to regularize the neutral axis of the global section. At
the same time, confinement effect appears in com-
pressed regions of the core, with stresses well above
the concrete compressive yield stress (stresses about
30–50% higher).
The analysis of longitudinal stresses in the “x”

axis must be necessarily compared with the three-
dimensional stress state of the core. For that purpose,
different stress distributions have been separated into
three different areas. The displacement of the inner
tube has a clear influence on the global stress state of
the core, and at the same time it increases themaximum
bending resistance of the whole section.
As it has been mentioned, three different stress state

areas have been detected in concrete core, for both
cases of symmetric and asymmetric CFDS sections:
zones C, N and T. For the first group, Zone C on the
one hand is subjected to compressive stresses in all
directions, and this is the reason why concrete in this
area becomes slightly confined. On the other hand,
Zone N corresponds to the neutral axis of the section,
and it is subjected to a biaxial compressive stress state
in the “y” and “x” axes and a tensile stress in the “z”
direction. Finally, the zone called T is clearly deter-
mined by a longitudinal tensile stress, combined with
a biaxial compressive stress state in the other two axes.
For concrete filled double skin asymmetric tube

sections, the three same areas are also detected, but
with some important differences. On the one hand,
zoneN is also triangular shaped, but this time it appears
below the neutral axis, by increasing the confining area
C. On the other hand, this area is subjected to a biaxial
tensile stress state in the “x” and “z” axes, instead of the
biaxial compressive state which was pointed before.
Stresses in the “z” and “y” directions [axes of the

section plane] are important in order to ensure a correct
contact bond between the inner tube and the concrete
core. Compressive stress in these axes guarantees the
presence of friction forces, and also a correct transfer
of stress between the two different instances.
As it has been mentioned before, a confinement

effect is detected in specific areas of the core. This
three-axial compressive stress state allows increasing
the concrete compressive strength, according to the
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Figure 11. Idealised areas of stress state in concrete core of
CFDS asymmetric tubes subjected to bending.

Figure 12. Comparison between three different stress states
of the core, depending on the diameter of the inner tube.

postulates of (Richart, et al., 1928). It is noted that in
asymmetric concrete filled double skin tubes, this con-
fined areas tend to be slightly larger than in symmetric
ones.
The fact of introducing an inner profile in the con-

crete core has a clear effect on its stress state as it is
shown in [Fig. 12], where stresses in CFT simple sec-
tions are compared with stresses in CFDST ones, but
with different positions on the “y” axis.
Designs with large inner tube diameters guarantee

more contact surface for transferring stresses from the
core. However, at the same time they reduce the com-
pressed area of the tube in the “z” and “y” axes, since
more concrete is horizontally tensioned (in zone N).
Finally, and for comparison purpose, stress state

areas of concrete core in simple CFT sections under
bending have been also analyzed.
Generally, zone N is more important in these last

case without inner profile than in concrete filled
double skin symmetric and asymmetric tubes (see
[Fig. 13]). On the contrary, tensile stresses in neutral
areas of the two first typologies are really higher than

Figure 13. Comparison between three different stress states
of the core, depending on the diameter of the inner tube.

Figure 14. Idealised areas of stress state in concrete core of
simple CFT sections subjected to bending.

in CFT ones. In conclusion, the effect of introduc-
ing an inner profile in the core reduces considerably
the neutral area N, by increasing at the same time the
magnitude of its stresses.

5.2 Stress distribution in steel tubes

The principal difference of stress distribution in steel
tubes between symmetric and asymmetric sections is
focused on the inner tube. Its position clearly deter-
mines the neutral axis and its stress state: the tube
becomes less tensioned as closer it is from neutral axis.
In concrete filled double skin symmetric tubes, the

inner tube is subjected to a bending effort only caused
by its location, which it is characterized for being close
to the neutral axis. On the contrary, in asymmetric
CFDST sections, the steel response becomes more
effective since 100% of the inner tube can become
tensioned.

5.3 Contact between the concrete core
and the steel tubes

From results obtained, it can be noted that stresses are
well transferred from the concrete core to the inner
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Figure 15. Idealised figure of an asymmetric CFDST sec-
tion subjected to pure bending. Most part of the core is
compressed in “z” and “y” axes, and this fact guarantees the
transfer of stress.

Figure 16. Theoretical rigid-plastic model for CFDS asym-
metric tube sections.

tube, in a similar way like between concrete and the
outer tube. This is even possible in cracked areas, in
part thanks to the biaxial compressive state in the two
section “z” and “y” axes. A compressive stress state
on these two axes guarantees a correct bond between
the two instances, since it fully activates the frictional
forces on the interfaces.

6 THEORETICAL MODEL

This paper also proposes a simplified rigid-plastic
approach to calculate the ultimate bending capacity
(Mu) of symmetric and asymmetric concrete filled
double skin tube sections.
According to Elchalakani et al. (2001) local buck-

ling does not appear before reaching the ultimate
bending moment in sections with d/t> 74 (which it is
the case of the specimens tested). Furthermore, from
results of the FE analysis and experiments, it has been
noted that friction forces between steel and concrete
are sufficient to well activate the concrete core.
Before obtaining the ultimate bending moment of

the section, neutral axis is required.Analytical process
to get this value for asymmetric CFDST sections is
very similar to the one referred to symmetric tubes.
This is the reason why only approximated expressions

Table 5. Percentage of variation of ultimate bending
moment between FEM results and theoretical ones.

Mu FEM
Specimen Mu FEM Mu Theor. FEM/Theor.

CC01A 365.68 281.53 1.298
CC01B 365.68 281.53 1.298
CC02A 331.77 273.51 1.213
CC02B 353.57 290.61 1.216
CC03A 321.68 271.64 1.184
CC03B 344.06 288.50 1.192
CC04A 323.51 269.07 1.202
CC04B 335.33 284.13 1.180
CC05A 365.52 281.53 1.298
CC05B 389.17 305.70 1.273
CC06A 352.60 289.36 1.218
CC06B 366.51 307.44 1.192
CC07A 348.90 288.16 1.210
CC07B 360.10 305.06 1.180
CC08A 345.07 283.83 1.215
CC08B 359.99 279.05 1.290

*All values expressed in kN ·m.

for asymmetric sections (5–10) are given below, based
on the distribution in Figure 16:

Assuming:

The distortion between results coming from the
FE analysis and results obtained from the theoretical
model is about 20–30%. This explicit increase in flex-
ural response of the FEmodel is really coincident with
results coming from real tests (summarized inTable 2).
This is due to different causes: on the one hand the

confinement effect experimented by some parts of the
core is not contemplated in the theoretical model (con-
crete in these areas increases its compressive strength,
as it is shown in section 5.1). On the other hand,
the expression (10) proposed to obtain neutral axis is
clearly approximated in the theoretical model, while
in the FE analysis it is accurate.
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7 DESIGN CRITERIA

In general terms, concrete filled double skin symmet-
ric sections are not very effective subjected to bending
as the whole inner tube is located close to the neutral
axis. This problem can be partially solved by displac-
ing the inner profile along the “y” axis in concrete
filled double skin asymmetric sections. This typology
could be very useful for structural designs in which
limited outer diameters are required, combined with
large bending efforts.
In most cases, as more displaced is the inner tube,

higher is the flexural resistance of the global section.
However, this increase depends on having a correct
bond between materials in order to transfer stresses
properly.
One of the most important conditions in order to

guarantee a correct bond between the core and the
inner tube is to have sufficient pressed contact area in
the interfaces. Pressure on contact surfaces guarantees
the appearance of friction forces, by being often also
capable of enhancing the friction coefficient. In other
cases, connectors between different instances would
be required.
This contact can be guaranteed even in tensioned

areas of the core, due to having a high percentage of
concrete subjected to a biaxial compressive state in the
two axes of the section plane. However, as larger and
thinner is the outer tube, better the contact works.
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Influence of the angle in the strength of RHS K-joints
in galvanized lattice girders

M.A. Serrano-López, C. López-Colina &A. Lozano
Department of Construction, University of Oviedo, Gijon, Spain

G. Iglesias
Grupo Condesa, Vitoria, Spain

J. González
Ideas en metal, Gijón, Spain

ABSTRACT: This paper assesses the influence on the joint strength of the angle between the brace members
and the chord in a K or N joint made with rectangular hollow sections. The study is specially focused on the
case when those brace members include characteristic holes required for the hot-dip galvanizing process. To
accomplish the objective of the proposed work, some tests on full-scale K and N joints, including angles of 35,
45, 55 and 90 degrees, were carried out. The experimental work was complemented by a validated numerical
simulation in order to give some design recommendations and to extend the research to other joint configurations,
including some non-symmetrical joints.

1 INTRODUCTION

It is known that structural hollow sections are always
an excellent choice for trusses. When designing lat-
tice girders, the option of circular hollow sections
(CHS) provides a good structural behaviour and good
aesthetics. However, joints details require accurate
profiling of the ends of CHS bracemembers and there-
fore higher fabrication costs. Thus, rectangular hollow
sections (RHS) are more cost effective, combining the
good structural behaviour with joint details that only
require flat cuts at the ends of brace members before
welding their perimeters to the chord members.
An important issue with tubular steel structures is

corrosion protection. Hot dip galvanization presents
several advantages in comparison with other tech-
niques but requires the provision of vent holes in
the brace members. These vent holes must be large
enough for optimization of the galvanizing process
without reducing the strength of the joint. Therefore,
an important consideration when using hot-dip gal-
vanized lattice girders has been the uncertainty in
the joint behaviour due to a possible reduction in the
joint or member resistance produced by the vent holes
required for the galvanizing process.
Although there have been no reported failures

attributed to vent holes, the lack of proper technical
knowledge of this issue could limit the wider use of
hot-dip galvanized tubular structures because there are
no calculation procedures in design codes such asCEN
(2005), for the evaluation of the effect of holes on

the joint capacity. In this situation, designers typically
would over-size the bracemember ormaybe they could
change their mind and decide to use laminated open
sections – whose behaviour is well known – for steel
structures that are designed to be hot-dip galvanized.
In order to answer these questions, given the con-

cern of designers involved in this issue, a couple of
projects funded by CIDECT (Comité International
pour le Development et l’Etude de la Construction
Tubulaire) and EGGA (European General Galvaniz-
ing Association) have been developed in the last few
years.
CIDECT project 14B (Iglesias & Landa 2007)

aimed to define how the holes should be executed and
to propose some internationally accepted recommen-
dations about the size, shape and position of vent holes.
The holes were proposed on the basis of production
efficiency and safety in the galvanizing plant hoping
that the recommended size (between 20% and 25%
of the diagonal of the cross section) and position (in
the brace at a maximum distance from the chord of
18mm) were also structurally appropriate. Following
this, CIDECT project 5BX (Serrano et al. 2011) aimed
to investigate – through a combination of experimental
tests and finite element modelling – whether the above
recommended vent holes could have any adverse effect
on the performance of the hollow section joints.
One of the main variables taken into account in

CIDECT project 5BXwas the angle between the brace
member and the chord, in order to evaluate its influ-
ence on the joint strength. This paper is focussed on
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presenting and analyzing the results of this part of the
research.

2 EXPERIMENTAL

2.1 Tested joints

As abovementioned, rectangular hollow section K and
N joints that are widely used in hot dip galvanized
steel trusses are considered. For the typical K-joint of
a Warren lattice girder, three different angles of 35◦,
45◦ and 55◦ between the braces and chord have been
investigated. Also, the N joint that appears in other
lattice girder configurations was considered. In this
case, the non-symmetrical joint included a brace that
was perpendicular to the chord and a diagonal with a
35◦ angle.
To address the objectives, joints with and without

vent holes were tested. The above-recommended size,
shape and position of the vent holes needed for the
galvanization process were considered.
Four full-scale joint specimens were tested for each

one of the 4 set of joints considered. Two of them
included the vent hole and another two did not have
holes. This meant a total of 16 tested joints. All
the joints had a common gap of 15mm between the
brace members and RHS 150× 100× 5 for chords
and SHS 100× 3 for the braces. The vent holes
diameter was 35mm. Three specific specimens were
galvanized prior to testing in order to check if this
condition had any influence.
Although the steel grade was the same (S275) for

all the hollow sections, in order to take into account
the actual material properties, particularly in the later
numerical simulation, it was necessary to carry out
some standard tensile tests. Three coupons were pro-
duced from different faces of all the cold-formed
hollow sections.

2.2 Test procedure

To carry out the experimental program a purpose-
built test frame was used. Some recommendations
for tests on these types of connections (Wardenier &
Stark 1978;Wardenier & de Koning 1976) were taken
into account. Figures 1 and 2 show the test configura-
tions for the K-joints with an angle of 45◦ and for the
N-joints. Several attachments were specially designed
and manufactured to accomodate the required angles
for the four sets of joints. A hydraulic jack loaded the
vertically positioned brace member while one end of
the chordwas left free, in-plane, and the other two ends
were pinned to ensure that predominantly axial forces
were transmitted to the members. The displacement
in the loaded brace member was measured by a LVDT
transducer allowing plotting of the force-displacement
curves.
The load through the actuator over the vertical brace

member was increased until failure of the joint. The
tests were displacement-controlled and the registered

Figure 1. Test configuration for 45◦ K-joints.

Figure 2. Test configuration for N joints.
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Figure 3. Experimental force-displacement results for K-joints with brace angles of 35◦, 45◦ and 55◦.
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Figure 4. Experimental force-displacement results for N-joints.

Figure 5. Failure in a 35◦ K joint with the vent hole.

collapse load was the maximum value of the force-
displacement curve.

2.3 Test results

Figure 3 shows the experimental force-displacement
curves obtained for the three sets of K-joints with
angles between braces and chord of 35◦, 45◦ and 55◦,
respectively. Letter H indicates that the joint tested
included a vent hole. Figure 4 shows the curves for the
set of N-joints in which the diagonal angle was 35◦.

Figure 6. Failure in a 55◦ K-joint without vent hole.

In these figures the letter G indicates that the joint was
galvanized before testing.
Figures 5 and 6 show the most common fail-

ure mode that occurred in the tested joints in both
situations, with and without the vent hole.

3 NUMERICAL SIMULATION

As well known, laboratory work is expensive and usu-
ally the test program must be limited. So a numerical
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Figure 7. Numerical models for three K-joints (35◦, 45◦ and 55◦) and the N-joint.

Table 1. Maximum strength [kN] obtained in the FEM for non-symmetrical joints.

Joints Comp. Tension Brace With
Ref. Chord Brace Brace angles Without hole hole

KGP04 Test 150× 100× 6 90× 5 90× 5 35◦ 452,46 453,22
KGP04 FEM 150× 100× 6 90× 5 90× 5 35◦ 446,89 446,63
Joint 1 150× 100× 6 90× 5 60× 4 35◦ 430,82 418,08
Joint 2 150× 100× 6 90× 5 60× 4 45◦ 374,81 361,61
Joint 3 150× 100× 6 90× 5 60× 4 55◦ 351,43 331,43
Joint 4 150× 100× 6 90× 5 60× 4 90◦–35◦ 248,96 222,39

simulation followed the experimental tests to com-
plement them. The aim of this part is the validation
of the FE analysis in order to be able to extend the
research to other joint configurations, including some
non-symmetrical joints. The FE software ANSYS
Workbench V.13 academic research was used for a
parametric study or different joint configurations. The
selected elements in themodel were a four-noded shell
181 with six degrees of freedom at each node.Two dif-
ferent element sizes of 10mm in the finer mesh area,
and 20mm outside this area, were taken in order to
adjust the size of elements to the necessities of the
simulation. Figure 7 shows a meshed model of each
set of joints considered in this work: K-joints with 35◦,
45◦ and 55◦ and N-joints.

Using the actual material properties obtained in the
standard tensile test, a non-linear analysis was car-
ried out taking into account geometric non-linearities,
non-linear material properties and non-linear buck-
ling. An initial imperfection was selected according
to the recommendations by (Schafer & Peköz 1998).
In order to reproduce the laboratory tests as faith-

fully as possible, the joint was loaded by small steps of
displacement on one of the brace members. The other
brace member and one end of the chord were pinned.
The other end of the chord remained free to move in
the load plane. Stresses, buckling modes and ultimate
loads were calculated and their results were compared
with the experimental tests, allowing validation of the
model to extend its application as below.
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Figure 8. Maximum strength in FE simulation for non-symmetrical joints.

Figure 9. Different angles in FE simulation for non-symmetrical joints.

3.1 FEM simulation for non-symmetrical joints

Once the FE model was validated, it was extended to
other joint configurations. In this sense, there was a
concern about the behaviour of some asymmetric joint
configurations.
This part of the studywas specifically aimed at non-

symmetrical joints of lattice girders in which the size
of the tensile brace member is smaller than the com-
pression brace member. Under these circumstances it

is possible that the smaller section of the tensile brace
member leads to failure in this brace instead of the
previously studied failure in the compression member.
For an initial insight into this situation, somenumer-

ical simulations were carried out. The considered joint
configurations for this part of the research are shown
in Table 1. As a starting point, the experimental and
numerical results of the set of joints KGP04 from the
CIDECT project 5BX (Serrano et al. 2011) were taken
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Figure 10. Maximum load in joints without hole vs with
hole.

(two first rows of Table 1). For the non-symmetrical
simulation, four joint configurations with different
brace angles were considered. All of them had the
same chord and compression member as in KGP04
but a smaller tensile member of SHS 60× 4. Table 1
and Figure 8 show the maximum strength obtained for
joints with and without the vent holes and Figure 9
shows respectively two meshed models for a K-joint
and a N-joint in the non-symmetrical simulation.

4 DISCUSSION OF RESULTS

A range of results have been produced for this paper,
including experimental tests on four sets of joints with
different brace angles, a complete numerical simu-
lation of all the joints and an additional numerical
simulation for non-symmetrical joints. These results
are presented and compared below in this section.
Figure 10 shows the maximum load in joints without
any hole against the same joint with the vent hole, for
both experimental and numerical simulation results.
The vicinity of the plotted points to the diagonal lines
concludes that there were not significant differences
between both.
Having assumed that there is no influence from the

vent holes, Figure 11 shows the maximum load for the
joint tested with different brace angles. Every plotted
point represents themean value of the obtained data by
FEM or by test. The plotted results allow a clear com-
parison of tests and simulation and indicate that there
is a reasonable agreement and therefore themethod for
the finite element modelling can be considered vali-
dated. From this figure it can be concluded that the
resistance of K-joints is lower as the brace angle gets
bigger.
Figure 12 presents a comparison of FE results and

EC3 equation results for the four sets of joints taken
into account in this researchwhen a nominal steel S275
is considered. A good agreement is observed and a

Figure 11. Comparison Test-Numerical simulation.

Figure 12. Comparison FEM-EC3 for nominal steel S275.

clear conclusion indicates the lower resistance in joints
when the brace angle gets bigger. It is important to
note that when the failure mode is a local buckling
in the brace member (BF) the angle has no influence
according to EC3 equations. In fact the observed influ-
ence of the angle in EC3 is due to the fact that the
predicted failure mode by equations is a chord plas-
tification (CP) and in this case the angle would have
an influence. However, the results of the experimen-
tal tests and numerical simulation indicated for all the
tested joints a failure by local buckling in the brace
(BF) instead of CP.
The situation is not so clear for N-joints. From

FE and EC3 proposals, resistance is even lower than
K-joints with the bigger brace angle, nevertheless test
results indicate that there is not a significant reduction
(Fig. 11).
In the case of non-symmetrical joints with different

cross sections for the tension and compression brace
members, Figure 8 allows a quick comparison of the
results obtained just in the FE simulation.
Again there was no significant influence of vent

holes on the ultimate load of the joint. Also, it can
be observed that, independently of the joint presented
or not a vent hole, the maximum strength that the
joint was able to reach decreased as the brace angle
increased. Here the analyzed N-joint followed the
same pattern observed above by FE and EC3.
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5 CONCLUSIONS

Once the experimental andnumerical results have been
presented anddiscussed, the following conclusions can
be drawn from this work:

– From the experimental programme and from the
numerical simulation it can be concluded that there
is no influence of vent holes on the behaviour and
strength of the tested joints.

– For symmetrical K-joints inWarren lattice girders,
the joint resistance decreases as the angle between
the brace member and the chord increases. In case
of N-joints some more results are needed.

– A reasonably good agreement was obtained when
tests and finite element model were compared,
allowing to use the numerical model to predict the
non-symmetrical joints behaviour.

– EC3 equations predict quite well the strength of the
joints but not so well the failure mode. It would be
necessary a change in the brace failure equation
to take into account the angle between braces and
chord in order to predict accurately both resistance
and failure mode.

– In case of the studied non-symmetrical joints, it can
be said again that there is no influence of vent holes.
It can be also concluded that the K-joints present
a lower resistance when the angle between braces
and chord increases.
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Over strength criteria of slotted connections with high yield strength steels
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ABSTRACT: This paper addresses the ultimate strength (Pm) of slotted connections with enough weld
lengths (L) for yield capacity of CHS members. The required over strength factor of the full-strength con-
nections was decided by the yield (Py) and tensile strength of CHS members. The paper presents the results of a
various analysis based on finite element models for slotted connections of CHS. The effects of parameters such
as material constants of the stress-strain model and yield ratio of materials were shown. The required strength
factor (Pm/Py) for the full-strength connections with conventional steels is compared with the results of FEA
for the connections with high yield strength and high yield ratio steels. Including the existing test data with
parameters such as material properties, weld length and shape of connections, a required over strength factor for
the connections with high yield strength steels is recommended.

1 INTRODUCTION

The ultimate strength of slotted connections as shown
in Figure 1 and 2 has been the subject of intensive
studies. These studies which covered required weld
length and possible failure modes enable national and
international design guide (Wardenier et al. 2008) to
be developed.
The Japanese Building Code required over strength

factor (α) for full-strength connections of brace ends
under seismic loads. In the case of brace ends, AIJ
(1998, 2006) required as following:

A typical value of over strength factor recom-
mended in the Japanese Building Code is 1.2. Based
on the effects of yield ratio of hot rolled sections, some
different values of over strength factors are proposed in
AIJ publications varying with the material properties
and steel grades.
However, it should be noted that circular hollow

sections are usually manufactured by cold formed and
hot finished production processes. The difference of
the production processes have been shown to affect
the material properties.
Steel tubes manufactured by cold-forming and

seamed by welding are much more economic and
popular for structural applications than seamless tubes.
Recently, cold-formed CHS with high strength steels
are used which has a higher yield-to-ultimate strength
ratio than the conventional steel grades. High yield
strength cold formed circular hollow sections cause a
complex situation in terms ofmaterial properties (Ling
et al. 2007a, 2007b).
It was clarified that the material constants of the

Ramberg-Osgood equation for high yield strength

Figure 1. Single gusset plate-to-slotted CHS connections.

Figure 2. Cross gusset plates-to-slotted CHS connections.

steels and cold formed CHS are decided by the yield
strength and ultimate tensile strength by Ochi (2010).
Using the stress-strain models with the material

properties of several yield/tensile strength ratios (YR)
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and the application of FE analyses on slotted connec-
tions, The aim of this paper is to compare the ultimate
strength of connections and the required over strength
factors.

2 FE ANALYSES FOR CONNECTIONS

2.1 General

In this study, the FE analyses program is comprised
of single plate-to-slotted connections with material
models on several yield/tensile strength ratio YR,
three diameter-to-thickness ratios and weld lengths.
These parameters were decided by the existing test
results and recommendations.

2.2 Material stress-strain models

The Ramberg-Osgood equation is especially useful to
describe the non-linear relationship between stress and
strain for materials that harden with plastic deforma-
tion, showing a smooth elastic-plastic transition.
The Ramberg-Osgood equation, expressed in terms

of strain, is:

where ε= logarithmic strain; σ= true stress; σy =
yield stress (yield strength); E = elastic modulus and
n=material constant.
Ultimate tensile strength is

in which eis the mathematical constant.
where:

Equation 3 is used for determining the material
constant (n) in Equation 2. The Ramberg-Osgood
Equation 2 requires the yield strength and tensile
strength as input parameters (Ochi 2010).
Figure 3(a) shows the true stress-true strain curves

generated by the Ramberg-Osgood equation using
the yield strengths and tensile strengths as shown in
Table 1.
The engineering stress-strain curves of Ramberg-

Osgood equation using Equation 5 and 6 are shown in
Figure 3(b).

where εe = engineering strain; σe = engineering stress
Figure 3(b) shows that the tensile strengths of

the engineering stress-strain curves keep the constant
value of 600 (MPa) changing with the yield strengths
as shown in Table 1.

Figure 3. Ramberg-Osgood stress-true strain curves.

Table 1. Material properties of stress-strain models.

YS TS
Material

No. MPa YR

1 360 600 0.6
2 420 600 0.7
3 480 600 0.8
4 540 600 0.9

YS= yield strength; TS= tensile strength;YR= yield ratio

2.3 Finite element model

The experimental data (Ochi 1998) was used to cali-
brate this study for slotted connections under tensile
loads. Finite element analyses including the Ramberg-
Osgood relation were conducted to evaluate the ulti-
mate strength of the connections. The test results of
cold formed CHS connections summarized in Table 2
are selected for FEA.
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Table 2. Dimensions and variables of specimens.

D t YS TS

(mm) (MPa) YR L/D n

114.3 2.8 380 471 0.806 1.2 and 1.5 12.5
114.3 3.5 396 481 0.824 1.2 and 1.5 13.5
114.3 4.5 407 477 0.853 1.2 and 1.5 15.5

Figure 4. Meshed models of connections.

Finite element analyses (ANSYS 13) with solid ele-
ments were carried out to simulate the behaviour of
the test specimens. Eight nodded solid elements were
used. Figure 4 shows the finite elementmeshgenerated
for a connection.
Because that main purpose in this study focusses on

over strength factor of the connections, the welds were
not modelled in Figure 4.Also, the gusset plate and the
circular hollow section elements are fully connected to
each other. The Ramberg-Osgood Equation 2 requires
the yield strength and tensile strength as shown in
Table 2.
Because the Ramberg-Osgood equations could not

directly be used as input for ANSYS, the multilinear
true stress-true strain relations using Equation 2 were
used.
Figure 5 shows the distribution of the Von Mises

equivalent stress generated by the finite element
models at the ultimate strength.
In Figure 5, the areas of stress concentration around

the tube circumference found in the FE analysis
agree well with the location of the cracks observed in
the test specimen while generating a circumferential
tensile failure.
The stresses at the end of the plate due to the weld

length and plate thickness were about 10% higher than
around the tube circumference. Also, the stress level
along the plate was same as at the tube circumference.
This means that circumferential tensile failure was
the critical mode for the model shape chosen for the
specimens as shown in Table 2. Because of L/D> 1.2
required for full strength connectionwith over strength
factor (AIJ 2002), the tear-out failure can be neglected
in the over strength factor.
Figure 6 shows the typical FE load-deformation

curves on the specimens (L/D= 1.2) shown in
Table 2. Figure 7 plots the predicted ultimate strengths

Figure 5. Distribution of the Von Mises equivalent stress.

Figure 6. Load-deformation curves (L/D= 1.2).

Figure 7. Comparison between FEA and experiments for
the connections.
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Table 3. Variation ranges for basic variables in data base.

Variables Single plate Cross plate

D/t 32.6–72.9 24.2–47.2
L/D 0.98–2.56 0.93–1.51
YR 0.671–0.816 0.667–0.882

Figure 8. Geometrical variables for the connections.

obtained from the FEA versus test results for all
specimens given in Table 2. The ultimate strength is
normalized with respect to yield strength of the CHS
member. It can be seen that the ultimate strength by
FEA provide a reasonable approximation of the test
results.

3 PARAMETRIC STUDYAND DISCUSSION

3.1 Test data base

For the gusset plate-to slotted CHS connections, the
range of the data base is shown in Table 3, Figure 8
and 9.
Based on these data, AIJ (2002) requires a reduced

factor (0.9) for axial full tensile strengthwhen theweld
length exceed the 1.2 times diameter (L/D= 1.2) and
full tensile strength when the weld length exceed 1.5
times the diameter (L/D= 1.5).
In Figure 8, the data include both of the single plate

connections and cross plate connections as shown in
Figure 1 and 2. The weld lengths (L) of the cross plate
connections are calculated the twice length of actual
weld length (Ld ).
The Japanese Building Code required over strength

factor (α) to the yield strength of members for full-
strength connections of brace ends under seismic
loads. A typical value of over strength factor in the
Japanese Building Code is 1.2. Based on the effects
of yield ratio of hot rolled sections, some values of
over strength factors are proposed in AIJ publications
varying with the material grade.

Figure 9. Geometrical variables and material properties for
the connections.

Figure 10. Normalised test results versus weld lengths.

The codes and recommendations use the nomi-
nal material properties of yield strength and tensile
strength which may be different from the actual values
of the yield and ultimate tensile strengths.
The actual yield/tensile strength ratio (YR) are

shown in Figure 9. The data base includes the test
results for the slotted CHS connections made of var-
ious steels ranging from mild steel to high-strength
steel grades with cold formed, hot finished including
the heat treated sections and hot rolled CHS.
In Figure 10, the ultimate strength (Pm) of the

connections is normalized with respect to the actual
yield strengths of CHS (Py). It is well known that the
yield strength of cold formed CHS is higher than that
of hot formed CHS with the same steel grade.
The AIJ recommend that connections with the suf-

ficient weld lengths (L/D> 1.5) satisfy the full section
capacity. However, because of the high yield ratio,
some tests results (L/D> 1.5) under the required over
strength factor (1.2) are shown in Figure 10. The duc-
tility of connections due to the actual yield ratio of the
tube materials is dependent on the production process.
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Figure 11. Load-deformation relationships (YR= 0.9;
t= 2.8mm).

3.2 FEA and discussion

Using the FE models as shown in Figure 4 for basic
model, FE analyses were conducted to evaluate the
effects of the parameters such as theweld length (L/D),
diameter to thickness ratio (D/t) and yield ratio (YR)
for the ultimate strengths of the connections.
Because themain criterion is the over yield strength

of theCHS for the ultimate strength of the connections,
the FE models were generated with high L/D ratios of
0.8, 1.0, 1.2, 1.3, 1.4 and 1.5. D/t ratios were based
on the test three specimens as shown in Table 2. The
material stress-strain models as shown in Table 1 and
Figure 3 (a) withYR as 0.6, 0.7, 0.8 and 0.9 were used.
Typical load-deformation relationships for FEA with
YR= 0.9 are shown in Figure 11.
Test data are divided into three ranges as shown in

Figure 12. In Figure 12, the dashed lines are upper lim-
its (1/YR) of over strength factor for the connections.
The solid lines depict are required over strength factor
(1.2) for the seismic design.
Figure 12(a) shows the test data with lower

YR (0.65<YR< 0.75) and the FEA results with
YR= 0.7. The lowerYR test data include cold formed,
hot finished and hot rolled sections. There are differ-
ences in the stress strain relationships between cold
formed sections as shown in Figure 3 and hot rolled
sections with a distinct yield plateau. The difference
in materials grades affects the relationships between
the test data which includes hot-formed sections and
FEA results for cold-formed sections. The test data
and FEA results with L/D ratio> 1.0 gave the required
over strength factor.
Figure 12(b), (c) shows the test data with higher

YR. It can be seen that the ultimate strengths of
the test results are in good agreement with the FEA
results for the cold-formed sections.
In Figure 12(b), the required over strength factor is

satisfied in the range of L/D above 1.3.

Figure 12. Comparison between FEA results and experi-
mental results for the connections.

In Figure 12(c), the test data which include all the
high strength steel sections and all FE results do not
exceed the required factor. Basic concepts of the over
strength factor for the connections were based upon
the deformation capacity and plastic design of the
brace members. The plastic designs of the connection
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with high strength steel for the lower classifications
depend on limitations of deformation capacity of the
connections.

4 CONCLUSIONS

The FE analyses carried out indicate that the material
properties of the tube had a significant effect on the
strength and over strength factor of the slotted connec-
tions under axial tensile loads. Using the cold-formed
material properties, the material constants of the mod-
ified Ramberg-Osgood curves are presented for the
parametric FE analysis. Based on the comparison of
the FEA ultimate strength of the connections with the
several material properties depending on yield ratio,
it can be seen that the important parameters are the
geometric parameters and the material properties.
Based on the FEA results and experimental data, the

effects of the parameters such as theweld length (L/D),
diameter to thickness ratio (D/t) and yield ratio (YR)
for recommended value of the over strength factor of
the connections were discussed. The test data and the
FEA results in the case of low to medium yield/tensile
strength ratio (0.65<YR< 0.75) have a higher safety
margin against required over strength factor than
the connections with medium to high yield strength
ratio (0.75<YR< 0.85) materials. The connections
with YR<0.85 materials including conventional cold
formed CHS are conservative for the code and the
recommendations (L/D> 1.2). On the other hand, high
yield ratio (YR> 0.85) give the smaller margin for
the yield strength of members than the required over
strength factor. The connections with slotted CHS
should have required values of over strength factors
dependent upon the tube manufacturing process or
actual yield ratio variation.
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Finite element modelling of beam-to-column flush end plate connections
utilising blind bolts

O. Mirza & B. Uy
School of Engineering, University of Western Sydney, Penrith, New SouthWales, Australia

ABSTRACT: This research presents the experimental investigation on beam-to-column flush end plate con-
nections utilising blind bolts. The test results were used to establish the load-displacement characteristics of
the connections under the both static and cyclic loading conditions. The finite element modelling results were
compared with the experimental results. The finite element models showed that they were in good agreement
with the experimental results. From the results gained, it can be concluded that the improved design has enhanced
the performance over the previous experiment for both loading conditions. However, the connection failure still
plays a major role in high rise buildings when they are subjected to earthquake in a 1:2500 year return period.

1 INTRODUCTION

Composite steel-concrete construction, particularly
for bridge superstructures and multi–storey frames,
has achieved a high demand in several countries. This
is mainly due to a reduction in depth, savings in steel
weight and possibility of rapid construction.
Beam-to-column connections have been found to

be of great significance in influencing the structural
behaviour under seismic loading. Observations from
full-scale seismic tests and from damaged structures,
Nie et al. (2008) and Popov and Takhirov (2002)
confirmed that beam-to-column connections have a
considerable effect on the survival time of structural
members due to their ability to distribute forces.
The design of connections has been explored by

many researchers including Wu et al. (2005) and De
Silvana and El-Debs (2004) to enhance the behaviour
of the connection by means of additional fittings
through bolted connections. Wu, Chung et al. (2005)
and De Silvana and El-Debs (2004) focused on H
shaped structural steel beams connected to a concrete-
filled steel tubular column that was modified through
the use of U-shaped end plates in order to get the
required strength. Bolts were used to establish the
connection between the welded endplate at the beam
ends and the tubular column. These enhancements
improved the overall strength of the connections.
However, the connections were considered to be

too complicated to construct due to excessive weld-
ing and the need to pre-stress the tie-rods. Wang
et al. (2009) considered these connection designs to be
impractical and requiring high tolerance, and therefore
suggested to simplify the connection design. There-
fore, the development of blind bolts was considered as
one of the solutions to the existing problem.

Mirza and Uy (2011) have undertaken previous
research to study the behaviour of blind bolts when
subjected to earthquake loading. However, previous
research demonstrated that the failure mode in both
the connections and on the headed stud shear connec-
tors were severe. This paper provides an experimental
study and finite element analysis of a novel joint sys-
tem used in steel frames to withstand seismic load at
a 1 in 2500 year occurrence.
Despite existing research being conducted with

regard to the development of robustness of composite
connections by Loh et al. (2006a), Loh et al. (2006b)
and Wang et al. (2007), it is still imperative to further
investigate the performance characteristics of these
new and innovative composite connections when sub-
jected severe earthquake loads. Figure 1 illustrates
the connection using blind bolts through a steel tube
filled with concrete. The main compressive loads are

Figure 1. Typical connection detail.
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Table 1. Test specimens.

Blind Loading
Specimen Column Beam bolt type

1 SHS300× 10 610UB101 M20 Static
2 SHS300× 10 610UB101 M20 Cyclic

therefore transferred in this zone and the longitudi-
nal reinforcement in the slab is thus used to carry the
major tension force.

2 EXPERIMENTAL SPECIMENS

The experiments provide a study of novel joint systems
used in composite frames to withstand earthquake
loading. The test specimens were representative of
beam-to-column joints in medium rise buildings. The
composite flush endplate connection was designed to
provide strength and ductility for earthquake resis-
tance with energy dissipation located in ductile com-
ponents of beam-to-column joints. The experiment
comprises of two specimens, ofwhich one tested under
monotonic loading and the other under cyclic loading,
as shown in Table 1.
Each specimen consisted of a 2000mm wide,

3540mm long and 150mm deep reinforced concrete
composite slab connected to a 610UB101 structural
steel beam through shear studs, as shown in Figure 2.
The structural steel beams were connected to a

concrete-filled square column of SHS 300× 10 with
flush end plate connections using AJAX M20 blind
bolts. The structural steel beams acted as primary
and secondary supports for the slab. The slab was
reinforced with N12@100 reinforcement in both lon-
gitudinal and secondary directions that contributed
greatly to the overall performance of the connection
region in the negative moment direction, in terms of
both stiffness and strength.
The aim of this series of experimental study was to

monitor the load-deflection behaviour until the blind
bolts reached their ultimate capacity. In the monotonic
loaded specimen, an axial load of 1980 kNwas applied
to the concrete filled tubular column to reduce side
sway where EI is the governing factor. At the same
time, approximately 35% of monotonic loads were
applied at both ends of the structural steel beams until
the specimen reached its ultimate capacity.
For cyclic loaded specimen, an axial load of

1963 kN with approximately 35% of the axial capac-
ity of the column was applied to the concrete-filled
tubular column.This promotes good earthquakedetail-
ing as it will reduce the likelihood of a plastic hinge
forming in the column which could cause catastrophic
failure, rather the plastic hinge would form within the
beam. Both upward and downward cyclic loads were
applied simultaneously to both ends according to the
AISC, AISC (2005) bi-directional cyclic loading, as
presented in Figure 3.

Figure 2. Details of test specimens.

Figure 3. Cycles of earthquake loading according toAISC,
AISC (2005).

3 FINITE ELEMENT MODEL

3.1 Material properties

In general, constitutive laws are used to define the
stress-strain characteristics of amaterial.The accuracy
of the analysis is dependent on the constitutive laws
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used to define the mechanical behaviour. In materi-
als such as concrete, structural steel and reinforcing
steel, profiled steel sheeting and shear connectors,
the constitutive laws are represented by the stress-
strain relationships of the materials. In this paper, the
mechanical behaviour at static and seismic loadings
is considered. For static loading, the material proper-
ties are according to Mirza and Uy (2009a), and for
seismic loading, the concrete and steel materials are
according to Kent and Park (1971).

3.2 Finite element type, mesh and boundary
conditions

Three-dimensional solid elements were used to model
the push off test specimens in order to achieve an
accurate result from the finite element analysis. For
both the concrete slab and the structural steel beam,
a three-dimensional eight-node element (C3D8R) was
used because it is a solid element and was also used to
improve the rate of convergence. A three-dimensional
thirty-node quadratic brick element (C3D20R) for
blind bolts and shear connectors was chosen because
it is a second order element consisting of 20 nodes and
these provide higher accuracywhen comparedwith the
first order elements. They also capture stress concen-
trations more effectively and are better for modelling
geometric features. A four-node doubly curved thin
shell element (S4R) was used for the profiled steel
sheeting because it is the most appropriate type of ele-
ment to model thin walled steel structures. The S4R
element has six degrees of freedom per node and
proved to give accurate solutions, and also permits
quadratic deformation over four nodal coordinates,
membrane action and plain strain behaviour. Finally,
a two-node linear three-dimensional truss element
(T3D2) for reinforcing steel was adopted, where the
axial direction is released using an option of equation
provided in ABAQUS.
Figure 4 illustrates the finite element mesh used to

represent a quarter model of the experimental spec-
imen. The aim of this was to reduce the simulation
cost and computational time. The generated mesh was
designed to give an optimal accuracy where the fine
mesh surrounds the blind bolts and shear connectors
and a coarse mesh was used elsewhere.
All the nodes designated as Surface 1 are restricted

to move in the y-direction while all the nodes in Sur-
face 2, are restricted to move in the x-direction. For the
application of load, uniformly distributed axial load
was applied to the centre of the reinforced concrete
tubular column,whilst a concentrated loadwas applied
at 150mm from the tip of the end of the structural steel
beam. The concentrated load was the combination of
gravity and base shear load. The load represents max-
imum deflection on the frame in order to determine
the performance of the blind bolts when subjected to
different loading. Both the loads were employed using
the modified RIKS method, which can be obtained
through a series of iterations for each increment for a
non-linear structure. The RIKS method was used for

Figure 4. Finite element model layout.

Figure 5. Load versus displacement relationship for static
loading.

the nonlinear analysis to ensure that any unloadingwas
captured.

4 RESULTSAND DISCUSSIONS

4.1 Static loading

Figure 5 shows the load versus displacement rela-
tionship under static loading. When the load reached
229 kN, fine cracks were observed close to the column
support, as shown in Figure 6. This was a significant
improvement when compared with previous design,
where the first cracking was observed at 168 kN.
As loading progressed, more fine cracks appeared at
314 kNwith additional cracks at the endof the concrete
slab, as in Figure 7. When the load reached 400 kN,
bending of the end plate was observed, as shown in
Figure 8. A peak load of 425 kN was measured in Fig-
ure 5 with a 15mm displacement. There was a 16%
improvement to the peak load from previous design
with a peak load of 362 kN.
Figure 5 proves that the finite element model is in

good correlation with the experimental data up until
the structures collapse. This is because the authors
herein used a well-established nonlinear static implicit
procedure to analyse the finite element model. This

129



Figure 6. Fine cracks appeared close to column.

Figure 7. Cracking at the end of concrete slab.

Figure 8. Bending of end plate.

method is not entirely suitable for use in the post-
failure range and in complex contact interactions.
However, the static implicit method solved the con-
vergence difficulties and the ultimate load can be
attained.
Initially, it was observed that the concrete element

near the column face reached its cracking stress. This
proved that the concrete started to crack near the col-
umn surface. With the continuation of the loading,

Figure 9. Load versus displacement relationship for cyclic
loading.

Figure 10. Fine cracks near the column.

it was observed that the end of the concrete ele-
ment started to crack. Finally, the finite element work
illustrated that the column face and end plate exceed
their yield stress and started to bend, which caused
connection failure.

4.2 Cyclic loading

Figure 9 demonstrates the load versus displacement
relationship for the specimen subjected to cyclic load-
ing. Initially, fine cracks appeared near the column
and towards the centre of the slab when the specimen
was subjected to a 170 kN downward load as shown in
Figure 10. The cracks became wider with additional
cracks opening up at 212.5 kN.
At an upward load of 300 kN at the column face,

failure occurred.The failure was caused by the bolts in
tension, which occurred at the bottom side. Figures 11
and 12 illustrate that the bottom row of the blind bolts
has been pulled out of the concrete-filled steel tube
when the specimen was subjected to upward loading.
The maximum gap between the top region of the

end plate and column was 5mm, while the maximum
bottomgapwas 41mm.Therewas a 14% improvement
to the peak load from previous design with a peak load
of 259 kN.
Figure 9 also demonstrates that the finite element

model is in good agreement with the experimental
data. The failure showed in the finite element model
is similar to the experimental study.
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Figure 11. End plate bending.

Figure 12. Blind bolts failure due to tension.

4.3 Beam-to-column earthquake resistance

The design of beam-to-column connections in the
research herein was in accordance with theAustralian
Standards AS/NZS 1170.4 (2007) and AS 2327.1
(2003).The experimental investigation showed that the
maximum load of the beam-to-column connectionwas
298 kN. When the structure was subjected to a 1:500
year return period, themaximum calculated load of the
beam-to-column connections was 240 kN. Therefore,
as shown in Figure 13, the designed beam-to-column
connection is able to withstand the 1:500 year return
period.
The calculated value for 1:2500 year return period

was 425 kN. Therefore, the current design still needs
improvement in order to be able to withstand a low-
probability, high-consequence earthquake loads of a
1:2500 year return period to prevent further structural
failures.
A possible solution would be modification of the

blind bolts. This could include thickness of the blind
bolt heads. This will therefore improve the overall
strength of connections. Furthermore, one should bear

Figure 13. Comparison of experimental result with earth-
quake return period.

in mind that the reinforced concrete slab has a great
impact on the behaviour of the connections and there-
fore must be designed carefully to achieve the desired
semi-rigid connection. In addition, the thickness of the
endplates will also need to be modified, which may
provide better results.

5 CONCLUSIONS

This paper discussed the behaviour of composite
beam-column flush end plate connections subjected
to low probability, high-consequences loading. It has
been revealed that there is a need to cater for low
probability, high-consequence earthquake loads such
as those of a 1-in-2500 year return period to prevent
further structural failureswhich can cause catastrophic
loss of lives.
It has been asserted that medium-rise buildings are

most likely to have an unfavourable behaviour towards
an earthquake, and that failure is most likely to occur
at the connections of the structure. Hence the focus of
this paper is the adequacy of standardising increased
earthquake return periodswithin structural design con-
nections. It is this earthquake return period that has
been identified as being one of the main factors in
relation to the magnitude of an earthquake.
A reasonably accurate finite element model has

been developed to investigate the behaviour of shear
connectors and end plate connections in composite
steel-concrete beams. The comparison between the
finite element models and experimental results gives
a good correlation.
Full scale tests on beam-to-column flush end plate

connections utilising blind bolts demonstrated the
strength and stiffness, which could be utilised in trans-
ferring load between the beam and column within low
to medium rise structural frames.
Key findings of this research are:

1. The blind bolts connecting the structural steel beam
to the concrete-filled steel tube column performed
well when subjected to static loading. However,
fracture of the bolts was observed when the con-
nection was subjected to cyclic loading;

131



2. The improved design has increased the strength,
stiffness and ductility performancewhen compared
with a previous experiment. However, the connec-
tion failure still plays a major role in high-rise
buildings when they are subjected to earthquake
loading.

3. For the composite flush endplate connections, the
strength and stiffness in the negativemoment direc-
tion is considerably larger than that in the positive
moment direction. This was due to the contribution
of the slab reinforcement in tension in the negative
moment direction. Moreover, the flexible nature of
the bottom blind bolts in tension also contributed
to the larger negative moment.
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Shear behaviour of open beam-to-tubular column angle connections

Y. Liu, C. Málaga-Chuquitaype &A.Y. Elghazouli
Department of Civil and Environmental Engineering, Imperial College London, UK

ABSTRACT: Whilst the moment-rotation behaviour of typical connection configurations has been extensively
examined in previous studies, there is a relative lack of information on the performance under more generalised
loading conditions, particularly in relation to semi-rigid connections to tubular columns under shear loads.
To this end, this paper deals with the shear behaviour of open beam-to-tubular column angle connections by
means of experimental and numerical investigations. The experimental set-up, connection configurations and
material properties are first introduced, followed by an overview of the results and observations from the tests
on both blind-bolted angle connections and combined channel/angle details. The main behavioural patterns are
identified and their effect on the connection performance is discussed. Subsequently, detailed three-dimensional
finite elementmodels are constructed bymeans of the nonlinear programABAQUS, and their results are validated
against the experimental data. It is shown that the FE model can accurately and efficiently simulate the overall
behaviour of bolted angle connections. The experimental and numerical results presented in this paper highlight
the main inelastic response characteristics of these forms of connection under shear loading conditions.

1 INTRODUCTION

Hollow structural sections (HSS) represent an effec-
tive choice as columnmembers due to both their struc-
tural efficiency and architectural appeal. Nevertheless,
the difficulties associated with the lack of access
for the installation of conventional bolts have often
resulted in the under-exploitation of these merits. This
situation is aggravated by the relative lack of research
and design guidance for bolted angle connections with
tubes. Most of the research on open-beam-to-tubular-
column connections to date has focused on fully-rigid
fully-welded details (Cao et al. 1998, Kosteski &
Packer 2003), and current European standards (CEN
2005) incorporate rules for determining the stiffness
and resistance of semi-rigid connections that do not
extend to connections incorporating tubular columns.
The practical and economical merits offered by

bolted angle connections between open beams and
open columns have prompted the development of
semi-rigid open beam-to-tubular column connection
alternatives such as the flowdrill process (Banks 1993)
and special bolts with sleeves designed to expand
inside the tube (Huck International Inc. 1990, Lin-
dapter International Ltd. 1995). A simpler blind-bolt
design is that presented by the Hollo-bolt, proposed
by Lindapter International (1995). In particular, the
wide availability and ease of use of the Hollo-bolt
have motivated a number of experimental studies on
Hollo-bolted connections subjected mainly to bend-
ing and direct tension (Barnett et al. 2001, Elghazouli
et al. 2009). Barnet et al. (2001) performed a review of
different blind-bolting alternatives and carried out an

experimental study on blind-bolted T-stubs and con-
nections using Hollo-bolts. More recently, Elghazouli
et al. (2009) performed an experimental investigation
into the monotonic and cyclic behaviour of Hollo-
bolted beam-to-tubular column connections. It was
shown that the grade of the Hollo-bolt, coupled with
the gauge distance between the Hollo-bolt and beam
flange, have a most notable effect on the flexural
response of this type of connection. Nevertheless,
information on the behaviour of blind-bolted connec-
tions under other loading conditions is still limited,
particularly for angle connections subjected to shear
loads.
Another alternative for bolted connections between

open beams and tubular columns is that offered by
combined channel/angle configurations. This type of
connection incorporates a channel section which is
shop-welded at the legs to the face of the column
hence allowing the use of any conventional bolted
detail between the channel and the beam. Despite its
versatility, there is a dearth of experimental studies
on such ‘reverse channel’ configurations. Málaga-
Chuquitaype & Elghazouli (2010) carried out an
experimental study into the flexural behaviour of com-
bined channel/angle connections undermonotonic and
cyclic loading. It was observed that the flexibility of
the reverse channel component has a direct influence
on both the initial rotational stiffness and moment
capacity of the connection. Nevertheless, as with
blind-bolted details, there is a lack of information on
the behaviour of combined channel/angle connections
under other forms of loading conditions such as shear
loads.
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Many studies have been carried out on the numeri-
cal simulation of semi-rigid connections incorporating
conventional bolts (Kishi et al. 2001, Citipitioglu et al.
2002, Pirmoz et al. 2008). However, detailed finite
element models for the simulation of blind-bolted or
reverse channel joints with angles are still limited.
Recently, Wang et al. (2010) developed theoretical
and numerical models using ANSYS (2003) to inves-
tigate the tension behaviour of Hollo-bolted T-stubs.
However, similar detailed models for the simulation
of blind-bolted or reverse channel joints with angles
are still lacking.

Figure 1. Test set-up of bolted connections (dimensions
in mm).

Table 1. Summary of the test specimens.

Dimension (mm) (as shown in Figure 2)
Reverse channel

Reference Type Angle component a b c d e f g h i j k

Blind-bolted angle connections
B10-N8-A45-T A L100× 75× 8 – 45 30 35 65 – – – 100 45 – –
B10-N8-A50-T A L100× 75× 8 – 50 50 35 40 – – – 100 45 – –
B10-N15-A50-T A L150× 80× 15 – 50 100 35 45 – – – 100 45 – –

Combined channel/angle connections
C10-N8-A45-T B L100× 75× 8 SHS 150× 70× 10 45 30 35 65 – – – 100 45 70 515
C6.3-N15-A50-T B L150× 80× 15 SHS 150× 70× 6.3 50 100 35 45 – – – 100 45 70 465
C10-N8-A50-W C L150× 80× 8 SHS 150× 70× 10 50 50 45 30 40 90 15.5 – – – 465

This paper examines the shear behaviour of semi-
rigid angle connections between open beams and
tubular columns through experimental and numerical
investigations. Three shear tests on blind-bolted angle
connections and three tests on combined channel/angle
details are described. The main behavioural patterns
are identified and their effect on the connection per-
formance is discussed. Subsequently, detailed three-
dimensional finite element models are constructed by
means of the nonlinear program ABAQUS, and their
results are validated against the experimental data.
Good agreement between experimental and numerical
results is obtained.

2 TESTINGARRANGEMENTAND SPECIMEN
DETAILS

2.1 Experimental set-up

The set-up used for testing the beam-to-tubular column
connections in shear is shown in Figure 1. Columns
of 800mm height were used in all tests. The column
was fixed at both ends by welding it to a 10mm plate
clamped at the base and bolting it to a lateral bracing at
the top, as depicted in Figure 1. A hydraulic actuator
operating in displacement control was used to apply
vertical deformations at the head of the bolts connect-
ing the beam and top angle. The force imposed by the
actuator was transmitted through a heavy-section I-
beam and a bearing plate of 30mm thickness in order
to achieve an even distribution of stresses over the
head of the top angle bolts, as shown in Figure 1. In
the case of the web angle connections, a 30 mm plate
was placed on the top beam flange in line with the
bolts connecting the beam web side of the web angles.
The displacement at the head of the top angle bolts
(for top and seat angle connections) and at the top
beam flange (in the case of web angle connections)
was gradually increased up to a maximum vertical
displacement of 16mm, or until the capacity of the
actuator was reached (at around 600 kN). The applied
vertical displacement and corresponding vertical force
were recorded by the load cell and transducer incorpo-
rated within the actuator. A more detailed description
of the test set-up can be found in Liu (2012).
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2.2 Specimen details

A total of six open beam-to-tubular column angle con-
nections were studied: three blind-bolted connections
and three reverse channel details. A summary of the
test series is given in Table 1, which includes the geo-
metric details of the connection as well as the charac-
teristics of the angle and reverse channel components.
Figure 2 depicts the connection configurations studied
(Type A used in Hollo-bolted specimens, and Types B

Figure 2. Connection configurations.

and C utilized in reverse channel configurations). The
reference employed for the specimens is expressed by
Pt-Nx-Ay-T for top and seat angle specimens, whereas
Pt-Nx-Ay-W is utilized for specimens incorporating
web angle components. In this nomenclature, P repre-
sents the connection type (B stands for the blind-bolted
angle connection and C stands for combined chan-
nel/angle connection), t is the thickness of the column
or channel in mm, x is the thickness of angle in mm,
and y expresses the gauge distance between the centre
of the bolt hole in the horizontal angle leg and col-
umn flange in mm (i.e. the value of ‘a’ as indicated in
Figure 2).
It is important to note that Square Hollow Sections

SHS 150× 150× 10 were used as columns for all
blind-bolted specimens whereas SHS 200× 200× 10
columns were employed in combined channel/angle
details. Also, Universal Beams UB 350× 102× 25
and Grade 10.9 M16 standard bolts were employed
in all cases. The grade of the steel used for beams,
columns and angles was S275. Table 2 presents the
mean yield stress values and ultimate strength for the
angle, beam and column components as obtained from
at least three coupon tests in each case.
Preliminary numerical studies carried out as part of

the present research (Liu 2012) have shown that the
beam web stiffness plays a vital role in the shear per-
formance of the connection. Buckling of the beamweb
canprevent the connection from reaching itsmaximum
shear capacity and initiate complex joint interactions.
Therefore, web stiffeners were used in order to limit
undesirable beam failure modes, as shown in Figure 2.
This enabled a better understanding of the basic mech-
anisms of bolt, angle and column face deformations.
To this end, the beam web was stiffened in top and
seat angle connections (Figure 2a and Figure 2b) by
means of four 10mm steel plates (two on each side)
welded perpendicular to the web along the full beam
depth. Similarly, in the case of reverse channel connec-
tions with web angles (Specimen C10-A8-A50-W),
the beam web was thickened by welding 10mm-thick
plates at each side as depicted in Figure 2c.
Following the recommendations of Elghazouli et al.

(2009), Grade 10.9 M16 Hollo-bolts were used for
the blind-bolted configurations. Also, as suggested by
Málaga-Chuquitaype&Elghazouli (2010), the reverse
channel components used for combined channel/angle

Table 2. Material properties of connection elements.

Yield Ultimate
stress stress

Element (N/mm2) (N/mm2)

Beam UB 305× 102× 25 329 443
Column SHS 150× 150× 10 368 498
Column SHS 150× 150× 6.3 385 485
Angle L 100× 75× 8 312 438
Angle L 100× 80× 15 293 449
Hollo-bolt sleeve* 382 512

*Obtained from the mean of three hardness tests.
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connections were obtained from SHS by longitudinal
cutting.Table 1 summarizes the dimensions of the SHS
from which the reverse channels were obtained. Fillet
welding with thickness 10mmwas used to connect the
column and the reverse channel throughout the length
of channel component.

3 EXPERIMENTAL RESULTSAND
OBSERVATIONS

3.1 Blind-bolted angle connections

Figure 3a presents the shear force-displacement rela-
tionships obtained for the three blind-bolted angle
connection specimens studied. The influence of the
angle horizontal gauge distance (distance ‘a’ in Fig-
ure 2) can be examined by comparing the results of
specimens B10-N8-A45-T and B10-N8-A50-T with
a= 45mm and a= 50mm, respectively. It can be
observed from Figure 3a that the initial stiffness of
Specimen B10-N8-A45-T is nearly 25% larger than
that of Specimen B10-N8-A50-T. This difference can
be largely attributed to the stiffer horizontal angle leg.
However, after yielding occurs, at a load of around
122 kN, the stiffer vertical leg of Specimen B10-N15-
A50-T (i.e. shorter distance d in Figure 2 and Table 1)
seems to offset these initial stiffening effects. This
counter-balancing effect is particularly evident for
displacements greater than 6mm.
The results of Specimens B10-N8-A50-T and B10-

N15-A50-T in Figure 3a, where the angle was varied
from L100× 75× 8 in the former to L150× 80× 15
in the latter, can be compared to illustrate the influ-
ence of angle thickness. As expected, the thickness
of the angle has a direct effect on the connection
response, including the stiffness, capacity, and defor-
mation modes. The initial stiffness of Specimen B10-
N15-A50-T with the thicker angle is around 60%
larger than that of Specimen B10-N8-A50-T, while
its capacity at a displacement of 8mm is also 100 kN
higher than the corresponding capacity of Specimen
B10-N8-A50-T.

3.2 Combined channel/angle connections

Figure 3b presents the shear force-displacement rela-
tionships for the three combined channel/angle con-
nection specimens. The effects of the angle thickness
and reverse channel thickness on the shear response of
combined channel/angle connections can be explored
by comparing the experimental results of Speci-
mens C10-N8-A45-T and C6.3-N15-A50-T. It can be
observed fromFigure 3b that the stiffness of Specimen
C10-N8-A45-T is 37% higher than that of Speci-
men C6.3-N15-A50-T. This lower initial stiffness of
SpecimenC6.3-N15-A50-T relative to SpecimenC10-
N8-A45-T is attributed to the accumulation of bearing
deformation in the relatively thinner channel as well
as the increased horizontal gauge distance (dimen-
sion ‘a’ in Figure 2). It is important to note that
the shear force-displacement response of Specimens
C10-N8-A45-T and C6.3-N15-A50-T are similar

Figure 3. Shear force-displacement relationships.

despite the significant differences in their deformation
modes, with the deformation of the reverse channel-
bolt assemblage dominating the response of Speci-
menC6.3-N15-A50-T.Additionally, bolt slip occurred
almost instantaneously at a load level of 100 kN in
Specimen C10-N8-A45-T whereas a more gradual
slipwas observed in SpecimenC6.3-N15-A50-T. Both
specimens failed at a displacement of around 11mm
due to shear fracture of the bolts connecting the bottom
angle and the channel components
The response of double web angle connections

under shear was studied with reference to Specimen
C10-N8-A50-W (Type C). As illustrated in Figure 3b,
theweb angle configuration offers significantly higher
stiffness and post-yield capacity when compared with
top and seat angle details.
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3.3 Ductility

The experimental results show that blind-bolted angle
connections provided significant shear-ductility lev-
els exceeding 16mm of vertical displacement with-
out significant deterioration in stiffness or capacity.
This high ductility can be attributed to the Hollo-
bolt insert. Indeed, higher ductility has been docu-
mented forHollo-bolts in comparison to standard bolts
when subjected to single and double shear loading
(Liu 2012). Conversely, the combined channel/angle
connection SpecimensC10-N8-A45-T andC6.3-N15-
A50-T failed by shear fracture of the standard bolts at
around 11mm of vertical displacement. The results
also suggest that the addition of a flexible reverse
channel component can enhance the ductility of the
connections at the expense of some reduction in stiff-
ness and capacity. Also, the ductility capacity of con-
nections incorporatingweb angle/channel components
(i.e. Specimen C10-N8-A50-W) can be improved due
to the increased number of bolts in shear.

4 NUMERICAL SIMULATION

4.1 Modelling details

Three-dimensional (3D) finite element models were
developed using the FE softwareABAQUS6.7 (2003).
These models make use of eight-node brick solid ele-
ments of Type C3D8I, as shown in Figure 4. Special
attention was given to the faithful representation of the
geometric and mechanical characteristics of the bolts
including the shank, sleeve, head and nut, as illustrated
inFigure 4.The stress-strain relationships for themate-
rial of all the connection components were defined by
a tri-linear kinematic hardening rule with an elastic
modulus of 210 GPa and Poisson’s ratio 0.3. The mod-
els consider the experimentally obtained yield stress
and ultimate strength values for the angle, beam and
column components, as illustrated in Table 2.
The contact phenomena between each pair of inter-

acting surfaces was taken into account by defining
‘hard and friction’ surface interaction properties. In
the tangential direction, a friction coefficient of 0.3
was defined according to previous experimental stud-
ies, while in the normal direction, ‘hard’ contact
pressure-over closure relationship was employed, but
the separation was allowed. The more flexible sur-
face was chosen as the slave surface, while the more
rigid area was assigned as master. Moreover, slippage
between the bolt and hole surfaces was considered by
means of the contact definition.
Bolt pretension in standard and Hollo-bolts was

introduced by means of two loading steps before
external loading. Firstly, pretension forces of 110 kN
were applied. The second step involved removing the
applied pretension while simultaneously fixing the
bolt length as its deformed value. The boundary con-
ditions and loading in the numerical analyses followed
the conditions and loading methods employed during
the tests and described previously.

Figure 4. FE representation of connection components.

A number of mesh sensitivity studies were carried
out in order to arrive at an optimum representation
which involves a comparatively finer mesh for the
angles, bolts and the contact areas within the beams
and columns, whereas a relatively coarser mesh was
employed elsewhere. The dimensions of the adopted
mesh ranged between 6mm within the refined region,
and up to 100mm within the coarser region.

4.2 Validation

Specimens B10-N8-A45-T, C10-N8-A45-T and C10-
N8-A50-W (web angle) are used herein as typical
examples for validation purposes. The shear force-
displacement relationships, obtained from the experi-
mental results as well as FE simulation, are compared
in Figure 5. It can be noted from Figure 5 that rea-
sonable estimates of stiffness and yield capacity are
obtained in all cases.
The differences between the experimental results

and numerical simulations observed (between 0.2mm
and 1.2mm of vertical displacement) for Specimen
B10-N8-A45-T in Figure 5a can be attributed to
bolt slippage. Importantly, in the FE simulation, slip-
page of the bolt occurs almost instantaneously once
the friction forces are overcome, whereas a more
gradual slip displacementwasobservedduring the test.
Similarly, good agreement can be observed between
the yield capacity estimations of the FE model and the
experimental values within a difference of ±10%.
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Figure 5. Comparison of experimental and numerical shear
force-displacement response.

On the other hand, the overestimation of post-yield
stiffness for Specimen C10-N8-A45-T in Figure 5b
is attributed to differences in the evolution of bolt
slippage displacement between the FE models and

Figure 6. FE representation of connection components.

the experimental results. The same is true for Spec-
imen C10-N8-A50-W where the multiple slip paths
in the web angle components initiated distinguish-
able short slip-only deformations at load levels of
100 and 180 kN approximately, while a more grad-
ual accumulation of deformation was observed during
the test.
Figure 6 illustrates the deformation pattern

observed in the top angle of Specimen B10-N8-A45-T
at a vertical displacement of 16mm and compares it
with the FEmodel prediction at the same displacement
level. It is evident from this figure that the deformation
and plastic mechanism are replicated by the proposed
FE model.
Despite some differences, the FE estimations were

found to correlate well with experimental results in the
small as well as large levels of displacement demands.
This good agreement with the experimental results
confirms that the detailed FE models are able to sim-
ulate the shear response of bolted angle connections
with reasonable accuracy.

5 CONCLUDING REMARKS

This paper has examined the shear behaviour of bolted
angle connections between tubular columns and open
beams.An experimental programme comprising three

138



shear tests on blind-bolted angle connections and three
tests on combined channel/angle connections has been
described. A discussion on the salient response char-
acteristics such as stiffness, yield capacity and failure
mechanism has been presented.
From the experimental results, it can be concluded

that the inelastic mechanisms exhibited by the con-
nections examined herein under shear loads primarily
involve the interaction between the angle components
and the column/channel face assemblage.As expected,
it has been shown that the angle horizontal gauge dis-
tance between the bolt centre and the column face
has a direct influence on the initial stiffness with only
minor influence on the shear capacity. Importantly, the
thickness of the angle is directly proportional to the
connection yield capacity and initial stiffness. Simi-
larly, the thickness of the reverse channel stands in
direct relationship to the connection yield capacity
and stiffness. Besides, it was observed that the over-
all resistance and stiffness of the connections with
double web angles can be significantly increased in
comparison with top and seat angle connections.
In terms of ductility, blind-bolted angle connections

can provide significant shear-ductility levels exceed-
ing 18mm of vertical displacement without signs of
failure. Conversely, the combined channel/angle con-
nection specimens with top and seat angles exhibited
less ductility, failing at around 11mm of vertical dis-
placement. The results also show that the addition of a
flexible reverse channel component may enhance the
ductility of the connections at the expense of some
reduction in stiffness and capacity. In the case of com-
bined channel/angle connections under shear loads,
the ductility development is typically limited by the
brittle fracture of the bolts in shear rather than the fail-
ure of the other constituent components. Finally, the
addition of web angle components was observed to
delay the shear failure of the connection due to the
increased redundancy offered by the higher number of
standard bolts resisting the shear action.
Continuum FE models were proposed which

include a number of advanced modelling features
such as loading reversal, contact phenomena, bolt
slippage definition and bolt pretension application.
Models were validated against available experimen-
tal results and were found to accurately and efficiently
simulate the overall behaviour of bolted angle con-
nections. In particular, the stiffness, load capacity
and ultimate failure modes are all very well pre-
dicted. Moreover, the detailed characteristics of the
models render the observation of key response param-
eters relatively straightforward, including the stress
distribution and deformation patterns.
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Residual stress investigation of welded high strength steel box T-joints

S.P. Chiew, J. Jiang & C.K. Lee
School of Civil and Environmental Engineering, Nanyang Technological University, Singapore

ABSTRACT: An experimental investigation to determine the residual stress distributions at the chord weld toe
of two welded High Strength Steel (HSS) boxT-joints is described in this paper.Two identical specimens with the
same geometrical size were fabricated to investigate the influence of preheating on the residual stress magnitude
and distribution of HSS welded box T-joint. One specimen was welded at ambient temperature while the other
one was preheated to 100◦C before the welding. Following the American Welding Society (AWS) standard, the
brace and chord boxes were both fabricated from Reheated, Quenched and Tempered (RQT) high strength steel
plates with nominal yield stress of 690MPa using Flux-CoredArcWelding (FCAW).The residual stress near the
chord weld toe of the joints was measured by the incremental hole-drilling method according to the American
Society for Testing and Materials (ASTM) standard E837-08. By comparing the measured results obtained from
the two specimens, it is found that preheating can effectively reduce the magnitude of residual stress induced
by welding. The residual stress magnitude also showed significant variations at different locations along the
circumferential direction of the welded joint.

1 INTRODUCTION

High strength steel (HSS), with minimum yield
strength of greater than 460MPa, is increasingly used
in construction industry. For example, in bridge engi-
neering, S420 and S460 steel were used in three
long span suspension bridges for decks and pylons:
Hålogaland Bridge in Norway, Messina Bridge and
Yemen-Djibouti Bridge to make a solution to create
economical designs (Lars Jensen et al. 2009). Also,
applications of HSS can be found in building design.
77 Hudson at Colgate Center in Jersey City is a case
that columns of the building are made of A913-Gr65
(S460) instead of Gr50 (S355) (Dan Dubina 2008). By
using HSS, the weight of the structure was reduced by
17% compared with the case Gr50were used.The suc-
cessful application of HSS can be found in many other
examples such as the Yokohama Landmark Tower in
Japan,Airbus-Hangar in Frankfurt and FreedomTower
in NewYork (Dan Dubina 2008). In offshore engineer-
ing, the BP Harding jack-up and Siri field production
jack-up both are good examples for HSS successful
applications (Billingham et al. 2003).
HSS has merits such as economy, architecture, sus-

tainability and safety. By increasing the strength of
steel, the size of the structural sections can be reduced.
HSS reduces the weight and thus offers more oppor-
tunities for architects to improve the aesthetic and
elegance of the structure. However, using HSS in
buildings has some disadvantages such as reduced
capacity for strain hardening after yielding, poten-
tial fatigue problems, limitations in design codes and
residual stress due to welding for HSS.

In this paper, an experimental study on the residual
stress induced by welding for HSS box joint is pre-
sented. Two box T-joints with identical dimensions,
one welded at ambient temperature while another pre-
heated to 100◦C before welding, were fabricated to
investigate the influence of preheating on the residual
stress magnitude and distribution.

2 EXPERIMENTAL INVESTIGATION

Tomeasure the variations of the residual stress induced
by the welding process, the incremental hole-drilling
method suggested by the ASTM E837-08 (ASTM
2008) standard was adopted. The hole drilling method
measures the residual stress by releasing the localized
stress and thus changing the local strain on the surface
of the testing material when a small hole is drilled
in a residually stressed structure. The design of the
specimens, the fabrication procedure of the specimens,
the strain gauge scheme, test setup and procedure are
presented in the following sections.

2.1 Overview of design

In the present experimental investigation, two box
T-joints, both of them made of HSS RQT steel plate
with minimum yielding stress of 690MPa, were fabri-
cated by flux-cored arc welding (FCAW).The welding
standard AWS D1.1 2008 (AWS 2008) was followed
for all full penetration welds used in the joint fabrica-
tion. To evaluate the impact of preheating on residual
stress, one specimen was preheated to 100◦C before
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the welding while the other specimen was welded at
ambient temperature. Since the HSS RQT steel came
only in the form of steel plate, both the chord and the
brace of the T-joints were formed by first properly cut
steel plates into strips and then welded into box sec-
tions. After that, T-joints were created by connecting
the brace and the chord together using full penetration
butt weld. Figure 1 shows the dimensions of the joints.
Figure 2 shows the fabricated specimen.

2.2 Materials & welding parameters

The RQT HSS plate used in this study is a type of
reheated, quenched and tempered structural steel with
improved forming andwelding performance by substi-
tuting some alloying element with carbon. Electrode
type OK Tubrod 15.09 was used during the FCAW
welding. It is a type of flux-cored wire electrode suit-
able for welding high strength steel with minimum
yield strength of 690MPa. Diameter of the electrode

Figure 1. The geometry of the box T joint.

Figure 2. The fabricated specimen.

Table 1. The welding parameters used in fabrication.

Electrode Current

Position Process Class Diameter Type Amplitude Volts

Box section FCAW E111T1-K3 1.2mm DCEP 300–320 30–32
T- joint FCAW E111T1-K3 1.2mm DCEP 300–320 30–32

is 1.2mm.Table 1 lists the detailedwelding parameters
that were used in the specimen fabrication.

2.3 Fabrication procedure

During the specimen fabrication process, the 12mm
RQTsteel platewas first cut and profiled into twopairs
of strips with suitable sizes. After that, the brace and
the chord were assembled respectively by welding the
profiled strips together (Figure 3). Four backing plates
were attached to the base plate by spot welding. The
role of these backing plates is to sustain the weld filler
when welding was carrying out to form the box sec-
tions. In order to prevent large deformation of the box
section, two end plates were welded into the section
by spot welding. After this preparation was done, the
weld filler was added pass by pass to form the brace
and chord. A T-joint was then formed by welding the
chord and the brace together. Finally, connection plates
used to fix the joint to the test rig were prepared and
the joint was painted to prevent corrosion (Figure 2).
Figure 3 shows the cross section of the box section

and the welding pass sequence employed in the fab-
rication of the brace and chord. Run 1 to Run 4 were
added at four corners respectively. After that, welding
passes were carried out at each corner one by one until
a full penetration weld profile was obtained. The fab-
rication process was complete in such a sequence so
that the box section can be heated evenly to reduce the
structural deformation.
Figure 4 shows the welding profile and sequence

for the chord-brace intersection part.As shown in Fig-
ure 5, each complete weld run around the brace-chord
connection consists of four weld steps. The first step
addsweld filler fromPoint 1 toPoint 7.The second step
adds from Point 7 to Point 13 and the third step from
Point 13 to Point 19.The final step starts from Point 19

Figure 3. Cross section of the box section and the welding
sequence of the box section.
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and eventually back to Point 1. After the box forma-
tion and joint welding, ultrasonic test was conducted
to ensure the welding quality.

2.4 The strain gauge scheme

Figure 6 shows the strain gauge scheme for the spec-
imen with preheating. 24 measurement points around
the brace-to-chord intersection were identified to cap-
ture the residual stress distribution near the chord weld
toe. Point 1 to Point 18 are points which are located
at 10mm from the weld toe while Point 19 to Point
24 are located at 15mm from the chord weld toe. The
drilling positions were arranged in such a way that
spare space was reserved between Point 19 to Point 24
for the installation ACPD probes in the future fatigue
testing. The drilling positions in this area are further
from the chord weld toe to minimize the impact of the
drilled holes on the joint fatigue performance.

Figure 4. Cross section and welding sequence of the T joint

Figure 5. The welding sequence for the box T-joint.

Figure 6. The strain gauges scheme for the specimen with
preheating.

In order to use the linear interpolation method to
estimate the residual stress at the weld toe, additional
measurement points were added at 20mm from the
weld toe for the corners a, b and c. At the corner d,
additional measurement points were added at 25mm
from the weld toe (Figure 6). To evaluate the residual
stress variation with the distance from the weld toe,
at Point 12, additional 4 measurement locations were
positioned with the spacing of 40mm between strain
gauges, as shown in Figure 6. The spacing from Point
24 to Point 1 and Point 24 to Point 23 is 52mm. The
spacing is 36mm from Point 1 to Point 2 and Point 23
to Point 22. Similar spacing was adopted for the other
three edges.At the corner a, the spacing fromPoint 2 to
Point 3 and from Point 3 to Point 4 are 20mm. Similar
spacing was applied for the other three corners.
For the specimen welded at ambient temperature,

additions of four strain gauges (Points 25–28) were
installed (Figure 7). Fig. 8 shows a photo of the
T-joint after the all strain gauges around the brace-
chord connection were installed.

2.5 Test principle and setup

The standard ASTM hole-drilling method is a com-
mon way for measuring residual stress by removing
localized stress and measuring strain relief in the adja-
cent material. It causes relatively little damage to the
specimen and allows localized residual stress mea-
surements. The principle of the method is to release
the localized stress by introducing a small hole into
a residually stressed structure and thus changing the
local strain on the surface of the testing, as shown in
Figure 9. By comparing the strain at this point before

Figure 7. The strain gauges scheme for the specimenwelded
at ambient temperature.

Figure 8. Strain gauge scheme around one corner.
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Figure 9. Hole geometry and residual stresses.

Figure 10. Setup of the residual stress measurement.

and after hole-drilling, stress relaxation due to hole
drilling can be determined by Eqn. (1):

In Eqn. (1),E is theYoung’smodulus, ν is the Poisson’s
ratio and ε is the relieved strain. σx and σy are the
stresses in the x and the y directions respectively. α is
the angle from the x-axis to the maximum principle

stress. a and b are calibration constants. In residual
stress measurement, after the three groups of relieved
strains are obtained by a strain rosette, σx, σy and α
can be determined.
The RS-200 milling guide was employed for mea-

suring the residual stress in the T-joints by the hole-
drilling method through positioning and drilling of a
hole in the centre of a special strain gauge rosette. An
air pressure with 40 ksi was supplied to drive carbide
cutter so that high rotating speed is obtained to drill
a hole aligned concentric with the strain gauge. The
‘zero’ cutter depth is determined by slowly advanc-
ing the cutter until it cuts through the rosette backing
material and lightly scratches the working surface. At
this moment, the strain readings are initiated. After
that, strain readings are noted for 20 equal hole depth
steps with 0.025mm gap to capture the stress variation
along the hole depth. Figure 10 shows the test setup
for the residual stress measurement.

Figure 11. Maximum principle stress distribution for the
specimen with preheating (Position: 10/15mm).

Figure 12. The maximum principle stress distribution for
the specimen with preheating (Position: 20/25mm).

3 TEST RESULTS

3.1 Preheating specimen

Figure 11 gives the distribution of the maximum prin-
ciple residual stress and its direction for 10/15mm
locations.The residual stresses shown in the figure are
the average values based on 1mm hole-drilling. The
transverse direction is vertical to weld filler addition
path. Negative values in Figure 11 denote counter-
clockwise shifting from the transverse direction and
positive values denote clockwise shifting from the
transverse direction. Note that the magnitude of resid-
ual stress is much higher near the corners than the
other points. Particularly, at Point 9 and Point 22 (cor-
ner b and d), the principle stresses are 265.5MPa and
582.4 MPa respectively. For principle stress direction,
smaller shifting appeared along the sides B2 and B4
comparing with the sides B1 and B3.
The testing results of 20mm/25mm points at four

corners are shown in Figure 12. The principle residual
stresses at 20mm/25mm points are lower than the val-
ues at 10mm/15mmpoints formost cases. However, it
should be noticed that at Point 3, Point 4 and Point 21,
the principle stress at 20mm/25mm are higher than at
10/15mm.
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Figure 13. Transverse residual stress distribution for the
specimen with preheating (Position: 10/15mm).

Figure 14. Transverse residual stress distribution for the
specimen with preheating (Position: 20/25mm).

Figure 13 and Figure 14 show the transverse resid-
ual stress distributions at 10/15mm and 20/25mm
positions, respectively. It is obvious for that the trans-
verse stress along the sides B1 and B3 is significantly
smaller than that along the sides B2 and B4. Points 9,
21 and 22 should be noticed for their high magnitude
of transverse stress. The stresses at the corners b and
d are much higher compared with the other points. In
addition, it should be noticed that Point 4 and Point 7
are two points that the transverse stress at 20mm from
the weld toe is higher than that at 10mm from the weld
toe. Compressive stress appeared at Point 21 at 25mm
from the weld toe.
Linear interpolation method is used to estimate the

transverse and longitudinal residual stress at the weld
toe and the comparison of both values is illustrated
in Figure 15. The transverse stress is higher than the
longitudinal component when the same position is
evaluated. This observation is obvious at the corner b,
c and d. Compressive longitudinal stress can be found
at some locations while only high tensile transverse
stress can be found from the figure. The maximum
transverse residual stress at the weld toe in the pre-
heating joint is 530MPa, which nearly equals to 77%
of the yielding stress of the material.
Figure 16 shows the residual stress variations with

the distance from the weld toe. The values are shown
according to the measurement data at Point 12. It

Figure 15. Transverse (σv) and longitudinal (σh) residual
stress along the chord weld toe.

Figure 16. Variations of transverse (σv) and longitudinal
(σh) residual stress with distance from the weld toe.

can been seen that while the transverse residual stress
decrease as the distance from the weld toe increase,
no noticeable pattern could be observed for the low
magnitude longitudinal residual stress component.

3.2 Ambient temperature specimen

Figure 17 shows the distribution of themaximum prin-
ciple stress and its direction for the specimen welded
at ambient temperature. Note that the magnitudes of
residual stress at corners b and c are much higher
than the other points for this specimen. The princi-
ple stresses at Points 10, 11 and 14 are 451.6MPa,
401.2MPa and 413.6MPa, respectively. Similar with
the preheating specimen, the residual stresses along
the side B2 and B4 are higher than that along the sides
B1 and B3. Shifting from the principle stress direc-
tion for the points near the corners is larger than the
other measurement points. Figure 18 shows the prin-
ciple residual stress at 20/25mm at the four corners.
Comparing with the residual stress at 10/15mm points
shown in Fig. 17, it can be seen that at Points 2, 4, 8,
9, 16, the principle residual stresses at the 20/25mm
locations are higher. One possible cause for this phe-
nomenon is the superposition of the residual stress
field formed during the chord box fabrication with the
residual stress field formed during the welding of the
brace-chord intersection
The distributions of transverse residual stress at

10/15mm and 20/25mm locations are shown in
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Figure 17. The maximum principle stress distribution for
the specimen welded at ambient temperature (Position:
10/15mm).

Figure 18. The maximum principle stress distribution for
the specimen welded at ambient temperature (Position:
20/25mm).

Figure 19. Transverse residual stress distribution for
the specimen welded at ambient temperature (Position:
10/15mm).

Figures 19 and 20.A smaller transverse residual stress
turns out along the sides B1 and B3, compared with
B2 and B4. The maximum transverse residual stress
is 412MPa at 10mm from the weld toe is located at
Point 14. It should also be noticed that the transverse
residual stress at 20/25mm from the weld toe is higher

Figure 20. Transverse residual stress distribution for
the specimen welded at ambient temperature (Position:
20/25mm).

Figure 21. Transverse (σv) and longitudinal residual (σh)
stresses at the chord weld toe.

than that at 10/15mm from the weld toe for Points 3,
8, 9, 16 and 20.
The linear interpolation method was employed

to estimate the transverse and longitudinal residual
stresses and Figure 21 shows their distributions. Sim-
ilar with the preheating specimen, the magnitude of
transverse stress is higher than the longitudinal com-
ponent. Furthermore, compressive longitudinal stress
can be found at some locations while tensile transverse
stress appears along the whole connection.

4 ANALYSIS AND DISCUSSION

4.1 Preheating effect

The transverse residual stresses for both specimens are
shown in Figure 22. At almost all points, the magni-
tude of residual stress for the ambient joint is higher
than the preheating one. This phenomenon is more
obvious at the corners (Points 2, 10 and 14). How-
ever, Point 20 to Point 22 (Corner d) is the exception.
From comparisons for the specimens at Points 2, 10
and 14 (Corners a, b and c), it can be concluded
that preheating could effectively eliminate the trans-
verse residual stress. Similar conclusion is obtained by
Sanchez-Cabrera et al. (Sanchez-Cabrera et al. 2006)
and Xu et al. (Xu et al. 2007). However, at Corner d,
higher residual stress exists in preheating specimen.
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Figure 22. Comparison between the transverse residual
stresses for the two specimens.

One explanation is that the preheating rate may not be
uniform. Uneven preheating may cause high tempera-
ture gradients in the steel, which makes the cooling
rate is different. In this case, the residual stress in
parts of the preheating joint may be higher than the
specimen welded at ambient temperature. Chord edge
effect is another possible reason that may change the
distribution of residual stress seriously.

4.2 Chord edge effect

It should be noticed from Figure 6 and Figure 7 that,
along the sides B1 and B3 of the brace, the distance
between the edge of the chord to the weld toe is only
25mm. Such a short distance may cause superposition
of the residual stress field formed during the chord box
fabrication with the residual stress field formed dur-
ing the welding of the brace-chord intersection. This
explains why for the two specimens, the residual stress
magnitudes along the sides B1 and B3 are generally
smaller than the stress along the sides B2 and B4. It
also explains the phenomenon that for these points, the
magnitudes of residual stress are higher at 20/25mm
from the weld toe than at 10/15mm from the weld toe.
To confirm this, four strain gauges (Points 25, 26, 27
and 28, Fig. 7) were added in the specimen welded
at ambient temperature to evaluate the differences in
residual stresswith those points located along the sides
B1 and B3. The transverse residual stresses for Points
25 26, 27 and 28 were found to be equal to 212.8MPa,
237.2MPa, 187.6MPa and 194.6MPa, respectively.
Compared with the residual stresses measured at Point
4 to Point 8 and Point 16 to Point 20, the residual
stress at Points 25, 26, 27 and 28 is higher. Therefore,
a reduction of residual stress could be occurred due
to the cancellation of the residual stress fields formed
during chord fabrication with that formed during the
welding for the joint.

4.3 Corner effect

The residual stress distribution in the preheating joint
is not uniform around the intersection of the brace
and the chord. The residual stresses at the corners

are higher than the values from other positions. This
corner effect seems more obvious when the measure-
ment points are located at 10/15mm from the weld
toe when comparing with points located at 20/25mm
from the weld toe. In Fig. 11, the maximum resid-
ual stress is located at Point 22, where the principle
stress is 582.4MPa, nearly equals to 85% of the nom-
inal yielding stress. Another critical location is Point
9, where the principle residual stress is much higher
than Points 8 and 10. For the transverse residual stress,
similar conclusion can be obtained from Fig. 13.

5 CONCLUSIONS

Based on the analysis of the test results for both
specimens, several conclusions can be drawn. Firstly,
preheating is beneficial to reduce the magnitude of
residual stress. Secondly, for both specimens, the
residual stress magnitudes along sides B1 and B3 are
generally smaller than the stress along the sides B2
and B4.Thirdly, due to the chord edge effect, the mag-
nitude of residual stress is not always higher for the
position closer from theweld toe than that at the further
position.
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ABSTRACT: To evaluate the suitability of current international design recommendations for transverse and
longitudinal T-type plate-to-CHS connections subjected to branch plate tension or compression, a parametric
numerical finite element study was undertaken. Finite element modelling and analysis techniques used in the
parametric study were validated against previously tested experimental results. A total of 99 connections with
varied geometric properties were modeled and analyzed using commercially available software, ANSYS. An
evaluation of current CIDECT partial design strength functions (Qu) concluded that general conservatism and
under-utilization of branch tension-only connection capacity exists. Partial design strength functions are proposed
based on a regression analysis of numerical finite element results and existing international experimental data.
Lower bound reduction (resistance) factors are applied to these guidelines.

1 INRODUCTION

The fabrication simplicity, cost-effectiveness and aes-
thetic appeal of axially loaded branch plate-to-hollow
structural section (HSS) connectionsmakes them ideal
for both enclosed framed structures and for exposed
steel work including cable-stayed roof systems and
tubular arch bridges. An imposed deformation limit
of 3% of the connecting face width for rectangular
hollow sections (RHS) or 3% of the diameter for cir-
cular hollow section (CHS) connections (Lu et al.
1994, Wardenier et al. 2008a) generally governs the
limit states design resistance of plate-to-HSS connec-
tions. Though practical and necessary, the strength
of the hollow section chord is low and often under-
utilized, particularly for heavily loaded tension-only
plate-to-CHS connections.
Branch plate-to-CHS connection resistance is cur-

rently determinedbyusing the lower of two limit states:
chord plastification and chord punching shear, given
that both the branch plate and the weld are adequately
designed and are non-critical, and is highly dependent
on connection geometry (including the orientation and
dimensions of the both the branch plate and chord
member). Axially loaded T-type branch plate-to-CHS
connection design guidelines (CIDECT Design Guide
No. 1, 2nd Edition by Wardenier et al. 2008a, IIW
design rules 2009 andAISCSteelDesignGuideNo. 24
by Packer et al., 2010) were developed by adapting
existing CHS-to-CHS design guidelines to a very lim-
ited database of branch plate-to-CHS experimental
results by Washio et al. (1970) and Akiyama et al.

(1974) using regression analysis (van der Vegte et al.
2008,Wardenier et al. 2008b).The chord plastification
connection resistance, expressed as an axial force in
the branch member, is given by CIDECT (Wardenier
et al. 2008a) as:

where Qu is a partial design strength function that
predicts connection resistance without chord axial
stress, and Qf is a chord stress function that reduces
connection resistance based on chord normal stress
influence. These functions along with chord punching
shear expressions are summarized in Table 1, with the
connection types illustrated in Fig. 1.
The partial design strength function found in

CIDECTDesign Guide No. 1, 2nd Edition (Wardenier
et al. 2008a) is based on the partial design strength
function developed for T-type CHS-to-CHS connec-
tions (van der Vegte et al. 2008), which in its most
general form is given as:

whereA, B, C and D are regression constants.A recent
re-evaluation (Wardenier et al. 2008b,Wardenier et al.
2009) of existing T-type plate-to-CHS experimen-
tal results used Eq. 2 as a basis, assumed that the
branch plates were relatively thin (η for transverse
connections and β for longitudinal connections close
to zero), and resulted in the Qu functions given in

149



Table 1. CIDECT design resistance of T-type branch plate-
to-CHS connections under axial load (Wardenier et al.
2008a).

Transverse plate Longitudinal plate

Chord Qu = 2.2(1+ 6.8β2)γ0.2 Qu = 5(1+ 0.4η)
plastification

Qf = (1− |n|)C1 where n= N0

Npl,0
+ M0

Mpl,0
for chord compression stress (n< 0), C1 = 0.25
for chord tension stress (n≥ 0), C1 = 0.20

Punching N1 ∗ = 1.16b1t0fy0 N1 ∗ = 1.16h1 t0fy0
sin2 θ1shear

when b1 ≤ d0 − 2t0

Range of validity:

Compression chords must be class 1 or 2, but also 2γ ≤ 50
Tension chords must be 2γ ≤ 50
Transverse plate: 0.4≤β≤ 1.0; longitudinal plate: 1≤ η≤ 4
fy1 ≤ fy0, fy/fu ≤ 0.8, fy0 ≤ 460MPa

Note: θ1 is the angle of the force acting on the plate

Figure 1. General parametric connection configuration.

Table 1.These guidelineswere developed using a lower
bound approach where the compression-loaded con-
nection resistance is used for both branch tension and
compression; the extra capacity of tension-only con-
nections is therefore not utilized.Also, chord punching
shear resistance governs over chord plastification (see
Table 1) for transverse plate-to-CHS connections (see
Fig. 1) with thick chord walls (2γ = d0/t0 ≈ 15 or
less) and limited connection width ratios (β= b1/d0),
making this limit state potentially unnecessary.

A recent study into the effect of chord normal stress
for X-type plate-to-CHS connections (Voth 2010,
Voth & Packer 2011b) concluded that the current
CIDECT chord stress function (Qf ) formed an accept-
able lower bound. Similar studies on CHS-to-CHS X-
andT-type connections (van derVegte&Makino 2006,
van der Vegte et al. 2001, Wardenier et al. 2007) on
rectangular hollow section X- and T-type connections
indicate that the chord normal stress function is very
similar for X- and T-type connections. The CIDECT
chord stress function shown in Table 1 could therefore
also be applied as an acceptable lower bound forT-type
plate-to-CHS connections.
To evaluate the aforementioned design guidelines

for T-type plate-to-CHS connections, experimental
and numerical finite element (FE) research programs
have been undertaken. The results of the experimental
program (Voth 2010, Voth & Packer 2011a) indicated
that connections tested in tension and compression
have significantly different behaviour and tension-
only connection have considerably more capacity
available than indicated by the CIDECT design guide-
line (Wardenier et al. 2008a). To further investigate
the behaviour of transverse and longitudinal T-type
plate-to-CHS connections under branch plate com-
pression and tension load, a numerical FE study
is presented herein that evaluates the suitability of
current design guidelines and separate tension and
compression resistance functions.

2 FINITE ELEMENT MODELLING

2.1 General finite element modelling techniques

Non-linear finite element modelling techniques have
been previously established and validated against
eleven experimental X- and T-type connections, with
static tensile or compressive branch load (Voth 2010,
Voth & Packer 2011a). The modelling techniques used
are summarized herein.
All models were constructed and analyzed using

commercially available software: ANSYS 11.0
(ANSYS Inc. 2007). Both geometry and measured
material properties, including chord end conditions
and fillet weld details, were replicated within the FE
model. To determine the appropriate element type,
mesh layout, the number of chord through-thickness
elements and material fracture criterion, a sensitiv-
ity analysis was conducted. Eight-node solid brick
elements (SOLID45), each with three translational
degrees of freedom per node and reduced integration
with hourglass control, were ultimately used for each
connection model along with three chord through-
thickness elements. Uniform mesh density was used,
except in locations where large deformations and/or
peak stress concentrations leading to cracking and
eventually fracture occurred where increased mesh
density was used to better capture this behaviour; typ-
ically at joint locations between the branch plate and
CHS chord. For symmetrical connections with respect
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to geometry, restraint and loading, only one quarter or
one eighth of T- and X-type connections respectively
weremodelledwith symmetrical boundary conditions.
To ensure that plate-to-CHS load transfer was through
the fillet weld only and not directly from plate to CHS
chord, all FE models were constructed with a 1.0mm
gap between the plate and the CHS at all welded joints.
Multi-linear true stress-strain curves, converted

from tensile coupon results of both plate, Grade 300W
(CSA 2004) and CHS, ASTMA500 Grade C (ASTM
2010), material were used for FE material properties
until the point of coupon necking. The post-necking
behaviour was determined by an iterative method
developed by Matic (Matic 1985) and modified by
Martinez-Saucedo et al. (2006), using FE modelling
of experimental coupons directly. The plate material
had a yield and ultimate strength of 326MPa and
505MPa respectively, and the CHS material had a
yield and ultimate strength of 389MPa and 527MPa,
with the weld material being given the same proper-
ties as the plate. A failure criterion was imposed to
emulate material ultimate fracture whereby the “death
feature” of an element was activated using a previ-
ously determined maximum equivalent (von Mises)
strain value of εef = 0.2 (Voth & Packer 2011a). This
failure criterion is specific to the range of param-
eters investigated. Once the maximum equivalent
strain value was reached within an element, the stiff-
ness and the stress in that element were reduced to
near-zero allowing the element to freely deform. A
non-linear time step analysis was used incorporat-
ing non-linear material properties, large deformation
allowance and full Newton-Raphson frontal equation
solver. Static incremental displacement was applied to
the branch plate end with connection load determined
using nodal response at that location to reproduce the
displacement-control loading.
Connection deformation was defined as the change

in distance between point A and a point at the crown
of the CHS chord or point B (see Fig. 1). The connec-
tion ultimate limit state capacity (N1,u)was determined
from the load-deformation response as the minimum
of: (a) the load at a deformation of 3%d0, N1,3%, if
this deformation preceded the deformation at N1,max,
(b) the maximum connection load, N1,max (either a
local maximum prior to CHS shell “snap through” for
connections tested in compression or the global max-
imum load as a result of punching shear failure) and
(c) branch plate yielding, Npl,1.

2.2 Numerical parametric connection modelling

Numerical parametric models of T-type plate-to-CHS
connections were constructed using the general finite
element modelling techniques established (see Sec-
tion 2.1 and Voth 2010, Voth & Packer 2011a). The
numerical parametric study required the proportions,
meshing arrangement and model construction to be
altered from the validation models due to changes
in connection geometry and restraint. FE models
were constructed with constant chord diameter (d0) of

Figure 2. Member end loading to exclude chord normal
stress at joint face.

219.1mm, plate thickness (t0) of 19.01mmand branch
inclination angle (θ1) of 90

◦ (see Fig. 1) as one-quarter
models. Four CHS chord through-thickness elements
were used to more accurately capture chord plastifica-
tion and fillet welds (w0 and w1) were sized to carry
the full plate capacity with a leg length of 13.4mm.
The plate yield strength (fy1) and weld strength were
increased for high capacity connections only to ensure
that branch plate yielding was not critical.
The branch plate length (l1) for transverse connec-

tions (skew angle, ω1 = 90◦) was set to 3b1 and for
longitudinal connections (ω1 = 0◦) was set to 3h1 for
η≤ 1.0, and 1.5h1 for η> 1.0, where η is the branch
member depth-to-chord diameter ratio, in an effort
to attain a plate uniform stress distribution between
the joint the branch plate end (see Fig. 1). Uniform
chord normal stress was not applied and the chord
ends were capped with a rigid end plate to prevent
ovalization of the chord. The preceding connection
properties remained constant with all other geometric
properties considered as variableswithin the following
parametric studies (see Fig. 1).
As a conservative approach, T-type connections

were modelled in three-point bending where, for a
one-quarter model, the chord end was supported by a
roller at the chord neutral axis (see Fig. 1). To prevent
an unstable condition, lateral restraint was provided
by the symmetric boundary.High equilibrium-induced
chord bending moment (or chord normal stress) at the
joint connecting face, which is undesirable for deter-
mining connection behaviour without chord stress or
design recommendations without a chord stress influ-
ence function (Qf ).To remove this chord normal stress
due to bending at the joint face, counteracting in-plane
bending moments (M0,END =N1l′0/4) were applied to
the rigid chord end plates (see Fig. 2) thus allowing the
chord normal stress influence function (Qf ) to remain
independent to the partial design strength function, Qu
(refer to Table 1).
In-plane bending moment applied to the chord end,

however, produces two additional problems that must

151



be addressed. First, connections with high ultimate
capacity due to geometric configuration (e.g. thick
chords or high plate widths) or longer connection
lengths produce higher end moments that may exceed
the yield capacity of the chord, as the applied end
moment (M0,END) is a function of the applied con-
nection load (N1) and the effective chord length (l

′
0).

A band of elements with higher yield strength at the
CHS chord end (see Fig. 2 – “reinforcement band”)
was used to prevent chord end failure prior to con-
nection capacity. If reinforcement was required, the
band width was determined on an individual connec-
tion basis depending on predicted connection capacity
and chord length. Second, to prevent non-convergent
results which are possible with load-controlled analy-
sis (predominantly for connections loaded in compres-
sion during periods of significant plastification and
deformation), displacement-controlled analysis was
used. Displacement-controlled analysis makes the cal-
culation of the applied end moment difficult as the
branch plate load for a given applied displacement
is not known until the end of each time step. The
applied end moment required for application at the
start of each time step was determined by predicting
the branch load using a Taylor series approximation
and load information from the previous time step, in
combinationwith an end-of-time-step correction and a
small displacement rate based in part on the connection
load-deformation curve slope.

Table 2. Effective chord length parameter (α′ = 2l′0/d0) for
transverse T-type plate-to-CHS connections.

Nominal plate width ratio, β= b1/d
0.2 0.4 0.6 0.8 1.0

t0
(mm) 2γ C T C T C T C T C T

15.88 13.80 8 8 8 8 8 8 8 8 8
11.10 19.74 12 12 12 12 12 8 12 8 8 8
7.95 27.56 12 12 12 12 12 12 12 8 8 8
4.78 45.84 16 16 16 16 16 12 16 12

Note: C=Branch plate compression; T=Branch plate
tension.

Table 3. Effective chord length parameter (α′ = 2l′0/d0) for longitudinal T-type plate-to-CHS connections.

Nominal plate depth ratio, η= h1/d
0.2 0.6 1.0 1.5 2.0 2.5 3.0 4.0

t0
(mm) 2γ C T C T C T C T C T C T C T C T

15.88 13.80 12 8 12 8 12 8 8 8 8 8 8 8 8
11.10 19.74 12 12 12 12 12 8 12 12 12 12 8 8 8 8 8 8
7.95 27.56 12 12 12 12 12 12 12 12 12 12 12 12 12 8 12 8
4.78 45.84 16 16 16 16 16 12 16 16 16 16 16 16 16 16 16 16

Note: C=Branch plate compression; T=Branch plate tension.

3 PARAMETRIC STUDY OF T-TYPE
CONNECTIONS

3.1 Investigated parameters

A parametric numerical finite element study, con-
sisting of 99 geometric configurations, was used to
investigate the behaviour of T-type plate-to-CHS con-
nections subject to both tension and compression
branch plate loading. Connection models with four
values of 2γ , five nominal width ratios (β) and eight
nominal depth ratios (η) were constructed and anal-
ysed using the previously validated FE modelling
techniques and geometry given in Section 2.2 and in
Fig. 1.Tominimize boundary condition effects on con-
nection behaviour, an effective chord length parameter
(α′ = 2l′0/d0) was determined for each geometric con-
figuration, based on the results of the previous chord
length and boundary condition study (Voth 2010) and
chord length sensitivity results from each connection
model herein. The value of α′ for each geometric con-
figuration is presented in Tables 2 and 3 for transverse
and longitudinal connection types respectively. Fil-
let weld size has been incorporated into connection
behaviour by converting both η and β to effective
values (η′ of 0.32, 0.72, 1.12, 1.62, 2.12, 2.62, 3.12
and 4.12 and β′ of 0.32, 0.51, 0.69, 0.87 and 1.00).
As the weld and the plate were designed to remain
non-critical, the combined weld-plate footprint can be
considered equivalent to a thicker and wider branch
plate without a fillet weld. For the purpose of devel-
oping design guidelines, this equivalent plate footprint
is used herein.

3.2 Comparison of CIDECT design guidelines
with parametric study results

All numerical models were governed by the load
at the 3%d0 deformation limit (N1,3%), except for
two transverse connections that reached a local
or global maximum before this limit; a compres-
sion model with 2γ = 45.84 and nominal β= 0.2,
and a tension model with 2γ = 13.80 and nom-
inal β= 0.2. The general behaviour of transverse
and longitudinal connections loaded in both branch
plate tension or compression is summarized by chord
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ovalization at the 3%d0 deformation limit with stress
concentration at branch plate edges preceding crack
initiation, indicated by the first killed element. Lon-
gitudinal connections generally experienced signif-
icantly more chord plastification than comparable
transverse connections. Crack initiation occurred at
the point of highest stress concentration for all
models.
Experimental research by Washio et al. (1970) and

Akiyama et al. (1974) on plate-to-CHS connections
has been previously complied byAriyoshi et al. (1998)
andMakino et al. (1998) into an international database.
Though this database is comprehensive (includes load-
deformation curves, connection capacity, etc.) and
includes all existing international data, it does not
include all geometric ormaterial property information,
making its use for behaviour analysis difficult. Further,
very few experimental datasets exist; seven experi-
mental tests conducted by Washio et al. (1970) and
29 by Akiyama et al. (1974). The connection capacity
of almost all international study results was controlled
by the 3%d0 deformation limit. The current CIDECT
design guidelines (Wardenier et al. 2008a), presented
in Table 1, are herein evaluated with respect to the
numerical finite element study and the international
database by examining the ratio of the partial design
strength function (Qu,R) from test or FE results to the
CIDECT partial design strength function (Qu,CIDECT).
This ratio is plotted for all geometric properties within
Figs. 3 to 6. The partial design strength function from
numerical FEand international database results (Qu,R),
is equivalent to the normalized connection capacity
(N1,u/(fy0t

2
0)) because the chord stress function (Qf )

and the sin θ1 term from Eq. 1 both equal unity. It is
of note that the CIDECT design guidelines include
an embedded resistance factor whereas the results
from either the international database or parametric
numerical analysis do not.
An examination of transverse connections under

branch plate compression load (Fig. 3), indicates that
the CIDECT design guideline (see Table 1) is gener-
ally conservative for numerical FE results (Voth FE) –
values greater than unity, especially for low values
of β (see Fig. 3a) and high 2γ values (see Fig 3b)
and for all experimental results from Washio et al.
(1970). The Voth FE and Washio et al. (1970) data
generally fall within the same regionwith theCIDECT
design recommendations over-predicting the connec-
tion capacity from numerical FE results (Voth FE) for
connections with thick chord walls (low 2γ values).
The experimental results of Akiyama et al. (1974) are
also generally over-predicted by the CIDECT design
guidelines, however these results fall outside the typi-
cal size range of members used as structural elements
(2γ < 60) and also outside the current CIDECT design
guideline range of validity (2γ < 50). All results from
Akiyama et al. (1974) are outside these ranges and
Fig. 3b is shown as an example. Transverse connec-
tions with branch plate tension follow a similar trend
(seeFig. 4);with almost all parametric numerical (Voth
FE) and Akiyama et al. (1974) experimental results

beingunder predicted by theCIDECTdesign equation.
Connection capacity, in some cases, is over two times
the current CIDECT design guidelines indicating that
these guidelines do not capture the inherent increase

Figure 3. Comparison of CIDECT design guidelines with
results database for transverse connections in compression.

Figure 4. Comparison of CIDECT design guidelines with
results database for transverse connections in tension.
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Figure 5. Comparison of CIDECT design guidelines with
results database for longitudinal connections in compression.

Figure 6. Comparison of CIDECT design guidelines with
results database for longitudinal connections in tension.

in capacity of tension-only transverse plate-to-CHS
connections.
The CIDECT design guidelines (Wardenier et al.

2008a) for longitudinal connections with branch plate
compression load (see Table 1) are also conservative
for all numerical parametric results (Voth FE) as well
as the experimental results of Washio et al. (1970)
as shown in Fig. 5. Additional connection capacity
from approximately 30% to over 100% beyond that
recommended by CIDECT is available. For longi-
tudinal connections with branch plate tension (see
Fig. 6) the CIDECT design guidelines further under-
predict the numerical FE analysis results (Voth FE).
Most of the datasets have connection capacities 150%
greater than that of the CIDECT recommended con-
nection capacity, again demonstrating that the current
CIDECT design guidelines do not capture the inherent
capacity of branch tension-only T-type plate-to-CHS
connections. The current CIDECT design guidelines
for both longitudinal and transverse branch plate-to-
CHS connections, while forming an acceptable lower

Table 4. Statistical comparison of proposed partial design
strength functions.

Qu,R/Qu,p statistics

Proposed partial design

Type strength function Mean CoV(%)

TC Qu = 2.9ζ(1+ 3β2)γ0.35 with β= 1.0 1.07 12.95

without β= 1.0 1.06 12.25

TT Qu = 2.6ζ(1+ 2.5β2)γ0.55 with β= 1.0 1.03 6.77

without β= 1.0 1.01 5.17

LC Qu = 7.2ζ(1+ 0.7η) 1.01 4.77

LT Qu = 10.2ζ(1+ 0.6η) 1.00 7.12

Note: TC= transverse plate in compression; TT= transverse
plate in tension; LC= longitudinal plate in compression;
LT= longitudinal plate in tension.

bound, do not capture the additional capacity inher-
ent with branch tension-only loaded connections. New
partial design strength functions, Qu, are therefore
determined in the following Section 3.3 to address this
issue.

3.3 Regression analysis and design
recommendations

A nonlinear regression analysis was performed using
the current CIDECT guidelines equation format as a
basis. Similar to a method used by Wardenier et al.
(2008b, 2009), Eq. 2 – which is the basis for the func-
tion developed for T-type CHS-to-CHS connections
(van derVegte et al. 2008) –wasmodified by assuming
that the branch plates are relatively thin (η for trans-
verse connections and β for longitudinal connections
are close to zero) resulting in partial design strength
regression functions of:

Regression analysis used to evaluate the proposed par-
tial design strength functions (Qu,p) was limited to
the parametric FE results (Voth FE) and the experi-
mental results by Washio et al. (1970), disregarding
results from Akiyama et al. (1974) for reasons given
previously.The proposed design recommendations are
summarized in Table 4 for the four types of T-type
plate-to-CHSconnections separating tension and com-
pression behaviour. Though included in Eq. 4, the
chord radius-to-thickness ratio term (γ) has limited
influence for longitudinal plate-to-CHS connections
and is therefore excluded from the recommendations
presented inTable 4.An additional reduction factor (ζ)
is described later in this section and is set to unity for
the statistics presented in Table 4.
To evaluate the effectiveness of the proposed par-

tial design strength functions, the Qu,R/Qu,p ratio for
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Figure 7. Comparison of proposed partial design strength functions with applicable results for T-type plate-to-CHS
connections.

is plotted against β and η in Fig. 7. All of the paramet-
ric FE results and Washio et al. (1970) experimental
data are well predicted by the proposed design func-
tions except for transverse connections in compression
with high β values, where the proposed functions
under-predict the connection capacity (see Fig. 7a)
subsequently increasing the coefficient of variation
(CoV) in Table 4. As the proposed design expres-
sions are conservative for connections with high β
values, a reduction in capacity of these connections
would not impact the safety of the design recommen-
dations.There is aminimal reduction in the coefficient
of variation if the statistical analysis is performed on
transverse connections without the β= 1.0 data (see
Table 4). It is clear that for longitudinal connections
there is a good coefficient of variation (CoV) andmean
close to unity, from the statistical data presented in
Table 4.
As the majority of plate-to-CHS connections pre-

sented in the preceding sections have significant
ductility beyond the deformation at the connection
“ultimate” capacity, N1,u, the database is generally
dominated by a yielding failure mode, allowing for the
use of a reduction factor of ζ close to unity. Though
the proposed partial design strength functions (Qu,p)

provide a good statistical fit with connection results,
there is some scatter for both transverse and longi-
tudinal connections. To ensure that adequate safety
margins are given, a lower bound design approach
is adopted herein. Each design expression for T-type
plate-to-CHS connections has aQu,R/Qu,p ratio always
greater than 0.85 (except for one point in Fig. 7d) and
thus a lower bound reduction factor (analogous to a
LRFD resistance factor) of ζ= 0.85 is recommended
for the proposed Qu functions in Table 4. The one
point below a Qu,R/Qu,p ratio of 0.85 is for a longi-
tudinal connection tested in tension with a very small
plate depth ratio of η= 0.2, which is currently outside
the range of validity used in CIDECT Design Guide
No. 1, 2nd Edition (Wardenier et al. 2008a). A wider
range of validity (2γ ≤ 46 and 0.2≤ η≤ 4) can also be
used for the proposed design recommendations given
in Table 4.

4 CONCLUSIONS

An examination of current design guidelines,
for T-type branch plate-to-CHS connections, has
been undertaken using a numerical finite element
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parametric study consisting of 99 models, under both
tension and compression branch plate load. In addition
to incorporating previous international research data
byWashio et al. (1970), this study has determined that
currentCIDECTpartial design strength functions (Qu)
are generally conservative for T-type branch plate-to-
CHS connections and they under-utilize connection
capacity of tension-only loaded connections. Using
regression analysis, improved partial design strength
functions are proposed (Qu values in Table 4) with
lower bound reduction factors (ζ= 0.85) that alleviate
concerns with the existing expressions. Further, the
proposed design expressions given in Table 4 have a
wider range of validity (represented by the β, η, 2γ
and t0 ranges in Tables 2 and 3) than currently used in
international design expressions (see Table 1) and the
number of limit states checks is reduced from two to
one for all connection types covered.

NOTATION

Ai = cross-section area of member i
b1, b

′
1 = nominal, effective branch width

(b′
1 = b1 + 2w0): 90◦ to chord longitudinal

axis
d0 = external diameter of CHS member
fu = ultimate stress
fyi = yield stress of member i
h1, h

′
1 = nominal, effective branch depth in plane

with chord longitudinal axis
i = denotes member (i= 0 for chord, i= 1

for branch)
l0, l1 = chord length, branch length
M0 = chord bending moment
M0,END = applied in-plane bending moment
Mpl,0 = chord plastic moment capacity
Ni = axial force in member i
N1,3% = branch load at 3% d0 connection

deformation
N1,u = connection ultimate limit state capacity
N1∗ = connection resistance expressed as an axial

force in branch member
Npl,i = yield capacity for member i (=Aifyi)
Qf = chord stress influence function
Qu = partial design strength function,
Qu,R = partial design strength function from

experimental or numerical results
Qu,p = proposed partial design strength function
ti = thickness member i
w0, w1 =measured weld leg length along chord,

branch
α,α′ = chord length parameter (α= 2l0/d0),

effective chord length parameter
(α′ = 2l′0/d0)

β,β′ = nominal, effective connection width ratio
β= b1/d0, β′ = b′

1/d0, β= t1/d0 for
longitudinal

γ = chord radius-to-thickness ratio (γ = d0/2t0)
εef =maximum equivalent strain
ζ = reduction factor

η, η′ = nominal, effective branch member
depth-to-chord diameter ratio (η= h1/d0
and η′ = h′

1/d0 for longitudinal; η= t1/d0
for transverse)

θ1 = included inclination angle between branch
and chord

ω1 = included skew angle of branch to
chord axis
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Response of beam-to-tubular column angle connections
subjected to combined flexure and axial loading
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ABSTRACT: In some design situations, such as those involving extreme loading conditions, steel connections
can play a vital role in arresting structural disproportionate collapse, and therefore should be designed to resist
significant moments, axial loads, shear forces, or a combination of these actions. While the moment-rotation
behaviour of semi-rigid and fully-rigid connections has been studied comprehensively by previous investigators,
there is a relative lack of information on the connection performance under other loading conditions, particularly
in relation to semi-rigid connections to tubular columns. This paper is concerned with the behaviour of open
beam-to-tubular column angle connections subjected to axial and combined axial/flexural actions. It focuses on
two types of semi-rigid connections to tubular columns, including blind-bolted as well as reverse channel angle
configurations. To this end, an experimental study on the full component characterization of angle connections
to tubular columns under tension and compression actions is summarized. The main behavioural patterns are
briefly discussed and the salient response characteristics such as stiffness, capacity and failure mechanisms are
examined. Based on the experimental results, detailed component models are described with due account for
flexural and axial load interactions.

1 INTRODUCTION

The structural and architectural advantages of Hol-
low structural sections (HSS) make them an ideal
choice as column members. However, these merits
may sometimes be underexploited due to the per-
ceived difficulties and available connection details
between open beams and tubular columns. Most of
the research onopen-beam-to-tubular-columnconnec-
tions has focused on fully-rigid fully-welded details
(Cao et al. 1998,Kosteski&Packer 2003) and rules for
determining their resistance have been incorporated
in current European standards (CEN 2005). However,
there is a dearth of information and design guidance
in relation to the behaviour of semi-rigid bolted angle
connections for tubes.
The costs associated with the construction, inspec-

tion and maintenance of fully welded details has
motivated the development of other connection
alternatives such as the flowdrill process (Banks
1993) and special bolts with sleeves designed to
expand inside the tube (Huck International Inc. 1990,
Lindapter International Ltd. 1995). A simpler blind-
bolt design is that proposed by Lindapter International
(1995) through the development of the Hollo-bolt. In
particular, the avoidance of close tolerance holes and
specialized installation equipment renders the use of
Hollo-bolts attractive. Another alternative for bolted
connections between open beams and tubular columns
is that offered by combined channel/angle configura-
tions, in which a channel section is shop-welded at

the legs end to the face of the column. The chan-
nel face is then connected on-site to the open beam
by means of any conventional bolted detail. Given
their practical and economical advantages, these two
connection alternatives (blind-bolted angle connection
and combined channel/angle details) are examined in
this paper.
A number of experimental studies have been carried

out on Hollo-boltedT-stubs and connections subjected
mainly to bending (France et al. 1999, Barnett et al.
2000, Barnett et al. 2001, Elghazouli et al. 2009).More
recently, work at Imperial College London (Elghazouli
et al. 2009, Málaga-Chuquitaype & Elghazouli 2010)
included an experimental investigation into the mono-
tonic and cyclic behaviour of top and seat as well as
top, seat and web angle connections Hollo-bolted or
connected via reverse channels to structural hollow
columns. Nevertheless, a comprehensive characteriza-
tion of the full axial force-displacement relationship of
blind-bolted angle and combined channel/angle con-
nections to tubes has not been performed, particularly
under compressive loads.
A number of studies have also been carried

out on the analytical modelling of semi-rigid con-
nections incorporating conventional bolts (Anger-
skov 1976, Kishi & Chen 1990). In compari-
son, analytical research on the response prediction
of bolted connections to tubular columns is lim-
ited, despite the recognition that the behaviour of
the tubular column flange is significantly different
from that of open sections (Elghazouli et al. 2009,
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Málaga-Chuquitaype & Elghazouli 2010). Ghobarah
et al. (1996) suggested amodel for the estimation of the
initial stiffness and capacity of blind-bolted end-plate
connections betweenopenbeamsand tubular columns.
Wang et al. (2010) investigated the behaviour ofHollo-
boltedT-stubs and proposed an analyticalmodel for the
evaluation of their initial stiffness. Component-based
mechanical models were also proposed for blind-
bolted (Málaga-Chuquitaype & Elghazouli 2010) and
reverse channel (Málaga-Chuquitaype 2011) angle
connections able to trace their full monotonic and
cyclic moment-rotation response.Although general in
form, none of thesemodels have been validated against
significant tensile or compressive joint deformations.
It has been noted that under extreme loading con-

ditions such as those represented by idealized column
removal scenarios (Vlassis et al. 2008), significant lev-
els of axial action are imposed onto the connections
and that this has a strong influence on the structure
survivability. Accordingly, there is a clear need for
characterising the response of connections between
open beams and tubular columns subjected to direct
axial forces. This paper deals with the behaviour
of two cost-effective and practical connections sub-
jected to direct tension and compression by means of
experimental and simplified mechanical analyses. It
summarizes and discusses the results of seven tension
tests and six compression tests on Hollo-bolted angle
connections and combined channel/angle details. The
experimental set-up, connection configurations and
material properties are first introduced followed by an
overview of the results and observations from the tests.
Finally, the component-based method is extended
to open beam-to-tubular column angle connections
employing Hollo-bolts or reverse channel components
subjected to combined flexure and axial loads.

2 EXPERIMENTALARRANGEMENTAND
SPECIMEN DETAILS

2.1 Testing set-up

Figure 1 shows the experimental set-up used for testing
bolted angle connections under tension. A 1500mm
length column was used in all tensile specimens. The
column was fixed at both ends by means of four
125mm thickness clamping plates, as depicted in Fig-
ure 1. A hydraulic actuator operating in displacement
control was connected to the beam top end in order to
apply vertical deformations. The displacement at the
top of the beam was gradually increased up to fail-
ure of the specimen or until the actuator capacity was
reached at around 700 kN.
Similarly, the test set-up used for the bolted angle

connections under compression is depicted in Figure 2.
The tubular column was fixed at both ends by two
50mm clamping plates. To prevent buckling effects
within the beam, a short beam of 125mm length was
employed. Displacements were applied to the speci-
men via a vertical actuator connected to the top surface

Figure 1. Tension test set-up (dimensions in mm).

Figure 2. Compression test set-up (dimensions in mm).

of the beam.A maximum displacement of 25mm was
applied to all compression specimens.
The applied vertical displacement and correspond-

ing vertical force were recorded by the load cell and
transducer incorporated within the actuator. Strain
gauges were used to monitor the strains at expected
inelastic regions within the angles and columns. The
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Table 1. Summary of the tension test specimens.

Dimensions (mm) (as shown in Figure 3)

Reference Type Angle Column Channel a b c d h i j k l

Blind-bolted angle connections
T1 A L100× 75× 8 SHS 150× 150× 10 – 45 30 35 65 100 45 45 – –
T2 A L100× 75× 8 SHS 150× 150× 6.3 – 45 30 35 65 100 45 45 – –
T3 A L100× 75× 8 SHS 150× 150× 10 – 50 50 35 40 100 45 45 – –
T4 A L100× 80× 15 SHS 150× 150× 6.3 – 50 100 35 45 100 45 45 – –

Combined channel/angle connections
T5 B L100× 80× 15 SHS 200× 200× 10 SHS 150× 150× 6.3 50 100 35 45 100 45 45 475 70
T6 B L100× 80× 15 SHS 200× 200× 10 SHS 150× 150× 10 50 100 35 45 100 45 45 475 70
T7 C L100× 75× 8 SHS 200× 200× 10 SHS 150× 150× 10 50 50 35 40 100 80 45 465 70

Table 2. Summary of the compression test specimens.

Dimensions (mm) (as shown in Figure 3)

Reference Type Angle Column Channel a b c d h i j k l

Blind-bolted angle connections
C1 A L100× 75× 8 SHS 150× 150× 10 – 50 50 35 40 100 45 45 – –
C2 A L100× 75× 8 SHS 200× 200× 10 – 50 50 35 40 100 45 45 – –
C3 A L100× 75× 8 SHS 150× 150× 10 – 50 50 35 40 100 45 45 – –

Combined channel/angle connections
C4 B L100× 75× 8 SHS 200× 200× 10 SHS 150× 150× 10 45 30 35 65 100 45 45 515 70
C5 B L100× 75× 8 SHS 200× 200× 10 SHS 150× 150× 10 50 50 35 40 100 45 45 465 70
C6 B L100× 80× 15 SHS 200× 200× 10 SHS 150× 150× 6.3 50 100 35 45 100 45 45 475 70

verticality of the load was monitored through dis-
placement transducers, while other transducers were
employed to measure displacements at selected points
within the column and angle components.

2.2 Specimen details

Seven tension tests were performed: four blind-
bolted connection specimens and three reverse channel
details. Similarly, six specimens were tested under
compression action: three blind-bolted angle details
and three combined channel/angle specimens. Table 1
summarizes the tension specimens while Table 2
presents the same information for the compression
tests. These tables include the geometric details of the
connections as well as the column and beam sizes. ‘T’
is used to refer to Tension specimens (T1 to T7) and
‘C’ to Compression specimens (C1 to C6). Figure 3
depicts the connection configurations studied (Type
A, Type B and Type C).
Tables 1 and 2 give the dimension of the SHS from

which the reverse channels were obtained. It is impor-
tant to note that Universal Beams UB 305× 165× 25
were employed for Specimen T7 and C3, while Uni-
versal Beams UB 305× 105× 25 were used for other
specimens.Additionally, the dimensions of ‘e’, ‘f ’ and
‘g’ for SpecimenT7 (with web angles as shown in Fig-
ure 3c) are 35mm, 95mm and 12.5mm, respectively.

Grade 10.9 M16 standard bolts were employed to
connect the beam flange and angle as well as the
reverse channel and angle components, while Grade
10.9 M16 Hollo-bolts were utilized between the tubu-
lar column and angles. All bolts were preloaded to
110 kN. The angles were made of Grade S275 steel
whilst S375 was adopted for beams and columns. The
mean yield stress values and ultimate strength for the
angle, beam and column components as obtained from
at least three coupon tests are presented in Tables 1
and 2. The axial capacity of Grade 10.9 M16 Hollo-
bolts can be considered as 78 kN and its initial stiffness
as 195 kN/mm based on the experimental tension-
deformation relationships presented by Elghazouli
et al. (2009). Also, hardness tests were employed to
determine the material characteristics of the Hollo-
bolt sleeves and the results are presented in Table 3.
Fillet welding with a throat thickness of 10mm was
used to connect the column and the reverse channel
throughout the length of the channel external face.

3 RESULTSAND OBSERVATIONS FROM
TENSION TESTS

3.1 Blind-bolted angle connections

The tensile force-displacement relationships for the
four blind-bolted specimens are depicted in Figure 4
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Figure 3. Connection configurations.

together with an indication of their corresponding
failure mechanisms. The influence of the angle hori-
zontal gauge distance (d in Figure 3) can be examined
by comparing the results of Specimens T1 and T3
with d= 65mm and d= 40mm, respectively. It can
be observed that the initial stiffness of Specimen
T3 was 25% larger than that of Specimen T1 due
to the shorter horizontal gauge distance (i.e. stiffer
angle leg). Moreover, Specimen T3 developed 65%
higher tensile yield forces thanSpecimenT1.However,

Table 3. Material properties of connection elements.

Yield stress Ultimate stress
(N/mm2) (N/mm2)

UB 305× 165× 25 329 443
UB 305× 102× 25 400 490
SHS 200× 200× 10 433 487
SHS 150× 150× 10 334 433
SHS 150× 150× 6.3 385 485
L 100× 75× 8 312 438
L 100× 80× 15 293 449
Hollo-bolt sleeve* 382 512

*Obtained from the mean of three hardness tests.

Figure 4. Tensile force-displacement relationships for
blind-bolted angle connections.

Specimen T3 failed at a smaller displacement than
Specimen T1 due to the fracture of the Hollo-bolt
connecting the top angle and the column.
The influence of column thickness on the tensile

behaviour of Hollo-bolted connections can be studied
by comparing the results of SpecimensT1 andT2.The
thickness of the column was reduced from 10mm in
SpecimenT1 to 6.3mminSpecimenT2,while all other
geometric and material characteristics were retained.
It can be noted from Figure 4a, that the initial stiff-
ness of Specimen T1 was about 28% larger than that
of Specimen T2 due to the thicker column. This level
of difference is maintained up to the attainment of the
connection yield capacity (i.e. 35 kN). After yielding,
the tensile force-displacement responses for both spec-
imens follow a similar path for displacements of up to
17mm.
As expected, the reduction in the columnwall thick-

ness of Specimen T4 in conjunction with stiff angles
(L100× 80× 15) resulted in significant deformation
around the Hollo-bolts in the thin column leading
to a modest joint stiffness of around 38 kN/mm as
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Figure 5. Tensile force-displacement relationships for
combined channel/angle connections.

shown in Figure 4a. Moreover, a reduced connec-
tion ultimate capacity was also observed (157 kN)
caused by pulling-out of the Hollo-bolts connecting
the angles and the column starting at a displacement
of around 22mm. Specimen T4 also had less ductil-
ity capacity in comparison with the other blind-bolted
configurations.

3.2 Combined channel/angle connections

The tensile force-displacement relationships for Spec-
imens T5, T6 and T7 are depicted in Figure 5. The
effect of reverse channel thickness on the response of
combined channel/angle connections can be examined
by comparing the experimental results of Specimens
T5 (with channel thickness= 6.3mm) and T6 (with
channel thickness= 10mm).
It can be observed from Figure 5 that the increase

in channel thickness leads to a proportional increase
in the stiffness and capacity which were about 40%
and 55% higher for Specimen T6 in comparison with
Specimen T5, respectively. The response of bolted
connections with top and seat as well as web angles
subjected to tension load can be illustrated with refer-
ence to SpecimenT7.The initial stiffness of Specimen
T7 increased to 242 kN/mm, and the tensile force
reached 700 kN (the actuator capacity) at a displace-
ment of 29mm. Further discussion of the experimental
results can be found elsewhere (Liu 2012).

4 RESULTSAND OBSERVATIONS FROM
COMPRESSION TESTS

4.1 Blind-bolted angle connections

The compressive force-displacement relationships for
blind-bolt angle specimens are illustrated in Figure 6.
It is evident from the figure that the provision of

Figure 6. Compressive force-displacement relationships for
blind-bolted angle connections.

beam/anglewidths smaller than the corresponding col-
umn face width leads to proportional reductions in the
connection stiffness and capacity. In the case of Speci-
menC1 (with columnSHS150× 150× 10), the initial
stiffness was about 40% higher than that of Specimen
C2 (with column SHS 200× 200× 10) for the same
beam/angle width (i.e. 102mm). Moreover, Specimen
C1 yielded at a load about 100 kN higher than that of
Specimen C2 and this difference increased to 180 kN
for compressive capacities at 20mm of displacement.
The effects of providing angle/beam components

wider than the column face width can be illustrated
by comparing the results of Specimens C1 and C3
in Figure 6 where the beam width is increased from
102mm in the former to 165 mm in the latter, while
retaining all other geometric and material character-
istics. This increment in the angle/beam width led to
enhancements of around 70% and 60% in stiffness and
capacity, respectively. The capacity of the connection
under compression at 10mm of compressive displace-
ment also increased by 60% in Specimen C3 with
respect to the corresponding capacity of Specimen C1.

4.2 Combined channel/angle connections

Three combined channel/angle connections were
examined with emphasis on the influence of the stiff-
ness of the reverse channel as well as the geometry and
thickness of the angle components; the correspond-
ing compressive force-displacement relationships are
presented in Figure 7. It can be observed that the stiff-
ness of Specimen C4 was only 5% higher than that
of Specimen C5 due to the slightly higher angle leg
length in Specimen C5. Likewise, both Specimens C4
and C5 reached compressive capacities in the order of
650 kN. In contrast, the thinner channel employed in
SpecimenC6 lead to a reduction of nearly 30% in stiff-
ness and 50% in yield capacity when compared with
the observed values for Specimens C4 and C5.
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Figure 7. Compressive force-displacement relationships
for combined channel/angle connections.

Figure 8. Component-based model for bolted angle
connections under bending loadings.

5 COMPONENT-BASED MODEL

5.1 Constitutive components

The component-based model used for examining the
response of semi-rigid open beam-to-tubular column
angle connections is illustrated in Figure 8. The model
is composed of two rigid bars, representing the column
centreline and the beam end, connected by a series of
nonlinear springs at each bolt-row level.The following
components have been considered in assembling the
response of the bolted angle connections:

1) Bolts in tension (Fbt ,Kbt)
2) Bolts in shear (Fbs,Kbs)
3) Column/channel face in bending (Fcft ,Kcft)
4) Angle in bending (Fat ,Kat)
5) Column/channel face in compression (Fcfc,Kcfc)
6) Angle leg in compression (Fac,Kac)
7) Angle leg in bearing (Fab,Kab)
8) Beam flange in bearing (Fbfb,Kbfb)
9) Beam web in bearing (Fbwb,Kbwb)

Figure 9. Comparison of axial force-displacement relation-
ships between the tests and the mechanical models.

A bilinearmodel is used to represent the response of
each individual component and a detailed mechanical
characterization of their stiffness and capacities can
be found elsewhere (Liu 2012). Also, after yielding,
a strain hardening coefficient in the range of 1%–5%
is employed to define the post-elastic stiffness, in line
with typical values found by other researchers (Simões
da Silva et al. 2002).

5.2 Validation

The simplified model proposed above was validated
against the results of the axial tests. Specimens T7
(tension specimen with web angles) and C1 (com-
pression specimen) are selected in Figure 9 as typical
examples. As demonstrated in Figure 9a, the initial
stiffness based on the component response matches
the experimental results well within an accuracy of 5%
for Specimen T7. Similarly, the obtained yield forces
closely resemble the experimental values within 10%
for SpecimenT7.As in the case of compression action,
it is evident from Figure 9b that the simplified model
provides a close prediction of the connection compres-
sive response including the initial stiffness and yield
capacity for Specimen C1. Overall, it is shown that the
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Figure 10. Ultimate M-N interaction from component-
based models for Specimens T7 and C1.

simplified model can capture the main features of the
connection response subjected to axial actions.

5.3 Interaction between bending and axial loads

High axial forces can be induced in the connec-
tion under extreme loading conditions such as those
involving sudden column removal due to severe blast
or impact loads or under fire scenarios. Therefore,
the component-based model suggested and described
above is employed in this section to exemplify the
response of the connections subjected to combined
bending and axial loads. Specimens T7 and C1 are
selected for the interaction assessment herein. Fig-
ure 10 presents the interaction curves between the ulti-
mate moment capacity and the corresponding applied
axial force for Specimens T7 and C1. In this figure,
tension is represented by positive values of the axial
force ratio (N/Nu,t), while negative values of N/Nu,c
represent compression action, where Nu,t and Nu,c are
the connection ultimate capacity under pure tension
or compression action, respectively. Similarly, Mu,0 is
the connection ultimate bending capacity under direct
moment load.
It is observed fromFigure 10a that the yieldmoment

capacity ratio (Mu/Mu,0) decreases as the applied

tension force increases. On the other hand, in the
case of Specimen C1, the ultimate moment ratio
(Mu/Mu,0) reaches its maximum value (about 2) when
the compression force (N) is about 35% of its ultimate
compression capacity (Nu,c). Afterwards, the ultimate
moment ratio starts to decrease with the increasing
compression load, but it is still larger than one until
the applied compression force is up to around 70% of
its compression capacity. However, for Specimen T7
with top and seat as well as double web angles, the
maximum moment ratio (Mu/Mu,0) is only 1.03 and
this occurs at a compression load of 5% of its ultimate
compression capacity. Also, the moment ratio is lower
than 1 when the applied compression ratio is higher
than 10%. In general, the application of higher tensile
force results in lower ultimate moment values, while a
modest compression force leads to improved ultimate
moment capacities.

6 CONCLUDING REMARKS

The behaviour of bolted angle connections between
tubular columns and open beams under axial force has
been examined by means of experimental and simpli-
fied analytical models. An experimental programme
comprising seven tensile tests and six compressive
tests on blind-bolted angle connections and combined
channel/angle configurations has been summarised.
The main behavioural patterns were identified, and
the key response characteristics such as stiffness,
capacity and failure mechanism were discussed. The
experimental results provide necessary information
for the validation and calibration of complementary
component-based models.
The inelastic mechanisms exhibited by blind-bolted

angle and combined channel/angle connections under
tensile force originate from the interaction between
the angle components and Hollo-bolt/column face
assemblage. It was shown that the angle gauge dis-
tance, between the column bolt centre and the beam
flange, has a significant effect on the initial stiffness
and tensile capacity of the connection. Besides, the
thickness of the column wall also has a notable influ-
ence on the connection capacity, in particular when
thicker angles are employed. Furthermore, the addi-
tion of web angles was shown to significantly enhance
the overall connection tensile resistance.
In the case of Hollo-bolted connections subjected

to compression, the inelastic mechanisms were largely
determinedby the relativewidths of the columnand the
beam/angle components. Large plastic deformations
accumulated in the column face in the case of speci-
mens with angle/beamwidths smaller than the column
face width. Moreover, the provision of beam/angle
widths smaller than the corresponding column faces
lead to proportional reductions in the connection stiff-
ness and capacity.The flexibility of the reverse channel
component relative to the stiffness of the angles was
shown to have a direct influence on both the initial
stiffness and capacity of the connection.
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A component-based model was developed to sim-
ulate the response of bolted angle beam-to-tubular
column connections subjected to direct tension and
compression actions as well as combined axial and
bending loads. Results obtained by means of this
representation were compared with the experimen-
tal response in terms of stiffness and capacity. It
was found that the proposed component models pro-
duce reliable estimates of blind-bolted and com-
bined channel/angle connections. Furthermore, these
component-based models were employed to examine
the response of the connections subjected to com-
bined bending and axial loads. It was observed that the
application of higher tensile force results in lower ulti-
mate moment values, while a modest compression
force leads to improved ultimate moment capacities.
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Capacity of CFRHS X-joints made of double-grade S420 steel

T. Björk & H. Saastamoinen
Lappeenranta University of Technology, Lappeenranta, Finland

ABSTRACT: This study considers the ultimate capacity of X-joints manufactured from Ruukki double grade
S420MH/S355J2H Cold-Formed Rectangular Hollow Sections (CFRHS). The goal of the investigation was to
define the validity of the current design rules for the used double grade steel with yield strength level of 420MPa.
The main parameters in this study were the geometry of the joints, size of welds, and heat inputs during welding.
The X-joints were subjected to axial tensile loading and experimental test were carried out at −40◦C degrees.
Some compression loaded tests were also performed at room temperature. The results showed good strength and
deformation capacities and they did not support in Eurocode suggested reduction factor of 0.9 for the capacity
of X-joints made of this steel grade. In addition, the few available results did not support the requirement in
Eurocode to increase the throat thickness of a fillet weld for this strength level. Numerical analyses were carried
out in order to find proper material models for nonlinear behaviour of the joint. The use of Agt as a limit strain
value in the material model showed good agreement with the experimental results.

1 INTRODUCTION

The rectangular hollow section (RHS) has several
advantages as a structural member compared to pro-
files with an open cross section. The simple geometry
of RHS also makes it easy to join the members by
welding and therefore building aesthetically pleas-
ing structures. The ultimate strength and deformation
capacity of cold-formed RHS-joints made of S355-
steel have been studied widely by using experimental
tests and a finite element method (FEM) e.g. by
Soininen, Björk & al. [1–4]. The recently devel-
opedRuukki double gradeS420MH/S355J2H steel for
rectangular hollow section by Rautaruukki Oyj com-
bines the properties of S420MH and S355J2H grades.
Ruukki double grade RHS is made from hot-rolled
steel by cold-forming and HF-welding. According to
current design rules [5–7] theweld dimensions and the
static design load reduction factor of strength class
S420 must be applied to Ruukki double grade if its
strength class S420 properties are to be utilized. The
applicability of these design rules for Ruukki dou-
ble grade steel has been studied in a Master’s Thesis
by Saastamoinen [8]. Herion, Puthli & al. have also
recently studied similar topics using steel grades up
to S690 level and found arguments for the proposed
reduction factors but also a need to adjust the current
design rules for fillet welds [9, 10].

2 GOAL

The primary goal of this research is to prove the val-
idation of the current design rules for welded RHS

jointsmade of Ruukki double grade steel with nominal
yield strength of 420MPa. The validation is evaluated
based on capacity of the joint and the strength of fil-
let welds. Even if the design code does not set any
requirements for the deformation capacity of the joint,
it should fulfil some unofficial requirements.

3 MATERIALSAND METHODS

Ruukki double grade S420MH/S355J2H combines the
properties of steel grades S420MH and S355J2H and
meets the requirements of EN 10219 standard. The
nominal mechanical properties and chemical compo-
sitions ofRuukki double grade are presented in tables 1
and 2 where fy0.2 references to the yield strength, fu to
the ultimate strength and A5 to the ultimate elonga-
tion. The true mechanical properties of the RHS used
in joints are presented in table 3.
In this paper, the CFRHS- joint capacities are

defined by laboratory tests and analytical calculations.
Based on this comparison the necessary requirements
for the static design resistance reduction factor (0.9) or
increased throat thickness in case of S420 steel grade,
are evaluated.The finite elementmethod (FEM) is also
used to evaluate the capacity of one joint.

4 EXPERIMENTAL TESTS

4.1 Test specimens

The research is focused on X-joints, because in the
corners of the chord members the stresses from exter-
nal loads are coalesced into residual stresses due to
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Table 1. Nominal mechanical properties of Ruukki Double Grade, S355J2H and S420MH.

fy0.2 fu (t< 3) fu (3≤ t≤ 16) A5 T
Grade [MPa] [MPa] [MPa] [%] [◦C]

Ruukki Double Grade S420MH/S355J2H 420 510–630 500–630 20 −40
S355J2H EN 10219 355 510–680 470–630 20 −20
S420MH EN 10219 420 500–630 500–630 19 −20

Table 2. Nominal chemical compositions of Ruukki Double Grade, S355J2H and S420MH.

Grade C Si Mn P S CEV

Ruukki Double Grade Typical [%] 0.08 0.18 1.40 0.010 0.006 0.32
S420MH/S355J2H Maximum [%] 0.16 0.25 1.60 0.020 0.012 0.39
S355J2H EN 10219 Maximum [%] 0.22 0.55 1.60 0.035 0.035 0.45
S420MH EN 10219 Maximum [%] 0.16 0.50 1.70 0.035 0.030 0.43

Table 3. The mechanical properties of the RHS used in joints.

fy,true fu,true A5
b× h× t [mm] Sample ID [MPa] [MPa] [%] Joints

80× 80× 5 4H95590 516 559 24 XA4, XA5
100× 100× 6 4H83980 495 528 29 X3, X3B, X13
120× 120× 4 4H84330 519 570 25 X4, X5, X5B, X5C
120× 120× 4 20747041858 451 542 32 X12C braces
120× 120× 6 4H84450 516 566 24 X1, X1B, X2, X2B, X2, X3B, X2
120× 120× 10 11492031069 483 519 23 X4, X9
50× 150× 5 11516011347 506 583 23 X11
150× 150× 6 13108021776 475 541 25 X5, X5B, X5C
150× 150× 10 25054031429 526 558 21 XA4, XA5
150× 150× 12.5 21666021958 470 506 24 X13
200× 100× 4 10519010315 506 578 26 X6
200× 100× 6 13107021800 466 525 26 X8
200× 200× 5 10403098220 479 568 25 X7, X10, X11
200× 200× 6 11237041223 473 558 26 X6, X7, X8

cold forming. In the corners, the degree of cold form-
ing is highest which can, especially in the case of high
strength steel, reduce the deformation capacity of the
joint. The true cross section dimensions of the RHS
used in X-joints are presented in tables 4, 5, and 6,
where b1, h1 and t1 reference the width, height, and
wall thickness of brace member and b0, h0 and t0
to the chord members, respectively. Table 4 consists
of joints welded with a throat thickness requirement
of a= 1.11t1. The joints seen in table 4 were welded
using overmatching filler material, except joints X5C
and X12C, which were welded using matching weld
filler material as well as undersize throat thicknesses
compared to current design rules. The preliminary
goal was to study the effect of base material on the
joint behaviour, not the properties of the welds. Over-
matching of the filler material strengthens the weld
and localizes the strain in the base material next to
the weld. This can reduce the deformation capac-
ity of the joint compared to a joint with a matching

filler material, where the yielding also takes place in
weld and decreases the strain concentration in the base
material.This was studied experimentally by test spec-
imens X5/X5C and X12/X12C and also numerically
in chapter 6.
Table 5 consists of joints welded with a throat

thickness of a= 1.48t1 in which the test ID is denoted
by the letter B. The test series of table 6 concerns the
investigation of the minimum required, weld throat
thickness. The joint geometries were selected to allow
yielding and failure to take place either in brace mem-
bers, in chord members or partly in both, which is
called a general type joint failure. The welding was
performed by an SMAW-process and all the welding
parameters used (WPS) are documented in reference
[8]. In order to find the weakest link of a joint consist-
ing of the parent material, the weld and heat affected
zone (HAZ), the coupon test specimens were cut out
of joints with brace-chord with a width ratio β= 1 so
that all these adjacent zones could be included in the
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Table 4. The true cross section dimensions of joints with nominal throat thickness a= 1.11t1.
Chord Brace

Joint ID b0 × h0 × t0 [mm] b1 × h1 × t1 [mm] β b0/t0 b1/t1 a [mm] a/t1

X1 119.7× 120.2× 5.93 120.0× 119.8× 5.98 1 20 20 6.2 1.03
X2 120.1× 119.9× 5.90 120.0× 119.7× 5.95 1 20 20 6.4 1.07
X3 119.7× 120.2× 5.93 100.4× 100.3× 6.03 0.83 20 17 6.3 1.04
X4 120.1× 120.4× 9.85 120.0× 120.2× 4.08 1 12 30 5.9 1.44
X5 150.4× 149.9× 6.10 120.0× 120.2× 4.08 0.8 25 30 5.9 1.45
X6 200.7× 200.7× 6.00 200.9× 100.3× 4.00 1 33 50 4.7 1.18
X7 200.7× 200.7× 6.00 201.5× 200.4× 4.95 1 33 40 5.8 1.17
X8 200.5× 200.7× 6.03 199.9× 99.9× 6.00 1 33 33 6.6 1.10
X9 120.1× 120.4× 9.85 120.1× 120.1× 9.88 1 12 12 11.2 1.13
X10 200.7× 201× 5.00 200.4× 201× 4.95 1 40 40 5.4 1.08
X11 200.7× 201× 5.00 150.7× 150.7× 4.95 0.75 40 30 5.1 1.03
X12 119.9× 119.9× 4.00 120.2× 120.2× 3.94 1 30 30 5.6 1.41
X13 150.9× 150.7× 12.64 100.3× 100.3× 5.90 0.67 12 17 7.1 1.20
X14 200.5× 200.5× 4.95 200.63× 200.43× 4.91 1 40 40 7.1 1.07
X5C 150.2× 149.9× 6.00 119.7× 120× 4.00 0.8 25 30 4.9 1.22
X12C 119.7× 120.6× 4.04 119.7× 120.3× 4.01 1 30 30 4.6 1.14

Table 5. The true cross section dimensions of joints with nominal throat thickness a= 1.48t1.
Chord Brace

Joint ID b0 × h0 × t0 [mm] b1 × h1 × t1 [mm] β b0/t0 b1/t1 a [mm] a/t1

X1B 120.1× 119.9× 5.90 120.1× 119.8× 5.98 1 20 20 7.7 1.30
X2B 120.0× 119.8× 5.90 119.8× 119.8× 5.96 1 20 20 8.5 1.42
X3B 120.0× 119.8× 5.90 100.4× 100.3× 5.91 0.83 20 17 8.3 1.40
X5B 150.4× 149.9× 6.10 120.2× 120.3× 3.95 0.8 25 30 6.2 1.57
X12B 119.9× 119.9× 4.00 120.2× 120.2× 3.94 1 30 30 6.5 1.64

Table 6. The true cross section dimensions of joints with undersize nominal throat thickness.

Chord Brace
Joint ID b0 × h0 × t0 [mm] b1 × h1 × t1 [mm] β b0/t0 b1/t1 a [mm] a/t1

XA4 150.7× 150.7× 9.95 80.1× 79.9× 4.99 0.53 15 16 4.1 0.83
XA5 150.7× 150.7× 9.95 80.1× 79.9× 4.99 0.53 15 16 4.9 0.98

same test specimen.The specimen included effects due
to cold forming and heat input but not the structural
stress concentrations of the complete joint. The billets
of tension test specimens were cut out of X-joints used
to create welding procedure specifications (WPS) as
presented in figure 1. The joint specimens proved to
have a higher strength but a smaller elongation than
values obtained from the coupon tests presented in
table 3. In the table in figure 1 the total uniform elon-
gation Agt references to elongation under maximum
load.

4.2 Test set up

Brackets were attached to the ends of the brace mem-
bers in order to fix the joint in the loading rig. Pinned
brackets enabled the free rotation only out of the plane

of the X-specimens but prevented rotation of brace
ends in the specimen plane. The loading and boundary
conditions of the joint are shown in figure 2.
The ends of the chord were closed to ensure coolant

circulation. In order to discover the potential dispo-
sition for brittle behavior of the joints, the tests were
carried out at −40◦C temperature, which was mea-
sured by thermo elements fixed on the top and bottom
sides of the joint and adjusted by the dry ice in the
ethanol based coolant.The test specimenwas wrapped
in insulating blanket to prevent extra heat flow from the
system.The applied load anddisplacements of the joint
and the ends of braces were measured. The measuring
length for estimating the joint deformation was set to
l = h0 + 2 · 25mm in order to include some deforma-
tion of the brace members and also enabling space for
the insulationblanket.Axial tension loadswere applied
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Figure 1. Mechanical properties of coupon test specimens
including base material, weld and HAZ [8].

Figure 2. The loading and constrains of the X-joint [8].

to all specimens except X10, X11 andX14which were
tested by compression loads.

4.3 Experimental test results

A typical experimental force-displacement curve is
plotted in figure 3. Yield load Fy, ultimate load Fu
and load F3%, based on 3% plastic deformation of
joint (2δ3%),were defined from the force-displacement
curve of the joint. The yield load is defined by approx-
imating the load-displacement curve as a bilinear
model consisting of elastic and plastic portions. If the
load F3% was available, it was used in the calculations
instead of Fu. The load F3% is used to make joints with
different elasticity comparable to each other [11].
The most common failure modes are presented in

figure 4. The typical failure mode for joints with
β= 1 was chord web failure (denoted asW).Although
the fracture was initially ductile, it was followed by
a secondary brittle fracture in joints X1B, X2 and
X2B. However, joints X1 and X12 fractured by a gen-
eral failure mode (denoted as G), where the yielding
takes place in the chord flange and the brace member

Figure 3. The force-displacement curves of joints X2 [8].

simultaneously. The failure mode was the most com-
mon among joints with β< 1. Punching shear failure
(denoted as S) took place only in joint X3B. In joint
X4 the necking started in the brace member outside
the joint area denoted as B. The buckling failure of the
chord web was denoted as C and took place in the all
compression loaded joints.

5 ANALYTICAL CALCULATIONS

5.1 Calculations using Eurocode 3 and yield line
theory

The joint capacities were calculated according to
Eurocode 3, Part 1–8 and yield line theory (YLT)
proposed by Björk [2, 12]. Design rules according
to Eurocode 3 are valid when the yield strength of
the RHS is not more than 460MPa. When RHS yield
strength is more than 355MPa, a static design load
reduction factor of 0.9 should be applied to calcula-
tions according to the Eurocode design rules. A safety
factor of γM5 = 1.0 was used in the calculations.
TheYLT introduces a brace-flange mechanism where
yielding takes place in both the brace and the flange
of the chord as illustrated schematically in figure 5.
The failure mechanism is described in more detail in
references [2, 12].

5.2 Throat thickness

Welds can be designed for an external force or to
match the weakest capacity of the joining compo-
nents. It is common practise to use the latter principle
in order to ensure sufficient deformation capacity of
the structure. When the static strength of the weld,
divided by the peripheral length of the RHS-joint is
set equal to the plastic tension strength of RHS wall,
the required throat thickness can be defined. The sec-
ondary bending moment due to eccentricity e of weld
can be neglected, because the rotation of the brace
flanges is prevented by the adjacent flanges of the
cross section. The required throat thickness a can be
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Figure 4. Common fracture types of X-joints.

Figure 5. The difference of failure mechanisms between
conventional and applied yield line theory.

Figure 6. Equilibrium of stresses on fillet weld calculation
cross-section.

defined based on the equilibrium of stresses in the
critical section of fillet weld as illustrated in figure 6.

Values for a/t, where a is calculated from Equa-
tion (1), are presented in table 7.

Table 7. Values for a/t in different strength classes.

Strength fy fu
class γM0 γM2 βw [MPa] [MPa] a/t

S355 1.0 1.25 0.9 355 510 1.11
S420 1.0 1.25 1.0 420 500 1.48

5.3 Deformation capacity

The sufficiency of deformation capacity of joints was
assessed by measuring the plastic displacement δp
related to chord’s width b0. In this work, the min-
imum required deformation capacity was set to the
value proposed by Björk and argued in reference [2].
The proposed value for minimum required defor-
mation capacity was derived from the analysis of
plastic hinges in a finite element model. The proposed
deformation limit is for joints with β≤ 0.8

For joints with 0.8≤β≤ 1 the deformation limit is

Plastic displacement δp refers primarily to the brace
member’s deformation perpendicular to the chord’s
flange in the T-joint. As the X-joint is actually two
T-joints in series, the deformation of the X-joint
is required as the double plastic displacement 2δp,
assuming the deformation is distributed equally on
both sides of the joint. In practice, however, the plas-
tic deformation does not take place symmetrically
yielding conservative results.
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Figure 7. The mesh of the joint geometry [8].

Figure 8. Material models plotted without conservative
strain hardening [8].

6 FEA

The joint geometrywasmodelled using the true dimen-
sions of RHS and the weld throat thickness of the
joint. The joint geometry was created by SolidWorks
and FEMAP 10 was used as a pre-processor for the
NASTRAN solver. It was necessary to model only
a 1/8-part of the full joint utilizing the available
symmetry. Quadratic tetrahedral elements were used
to mesh the joint geometry containing the fillet weld
with root gaps, bevel groove weld, and varying wall
thicknesses. The mesh is presented in figure 7. The
material models were generated for RHS and the weld
filler material and are seen in figure 8, where Agt is the
total uniform elongation and Am marks the fracture
strain. Young’s modulus was set to E = 210000MPa
and Poisson’s ratio to ν= 0.3.
The results of the analysis are presented as force-

displacement curves where the reference distance l
for displacements was the same as that used in cor-
responding experimental test. Values for Agt and Am
are presented also in table 8.

7 DISCUSSION

7.1 The results of the experimental tests

The loads, deformation capacities, failure mecha-
nisms, and fracture types of the joints tested are

Table 8. FEA results for material models.

fy fy0.2 fu
Material model [MPa] [MPa] [MPa] Agt Am

Nominal values – 420 500 – 0.20
Melting batch – 516 566 0.06 0.24
Weld filler 730 – 800 – 0.19
AristoRod 13.29

presented in table 9. The deformation capacity is suf-
ficient, if the ratio of the measured deformation to the
required capacity is≥1. The notations used in the fail-
ure mechanisms column are presented in figure 4. In
the fracture type column, a ductile fracture is denoted
as d and a brittle fracture as b. It can be seen from
table 9 that full width joints had unexpectedly better
plastic deformation capacity than joints with β≤ 1.
Most of the joints with β≤ 1 did not reach the 3%
plastic displacement of the chord’s width δ3%. Even
the total deformation is greater in joints with β≤ 1,
in joints with β= 1 the loading from brace member
transfers directly to the web of the chord resulting in
smooth membrane stress and thus large plastic defor-
mation capacity. Nevertheless, all the joints met the
requirements set for the deformation capacity accord-
ing to equations 2 and 3. The reason for small plastic
deformation in joints X10 and X14 is the lack of com-
pression load capacity after the elastic buckling has
taken place in the chord web.
Joints welded with throat thicknesses of a= 1.11t1

and a= 1.48t1 are compared in table 10. The crite-
ria for the comparison are the number of weld passes,
the heat input, the throat thickness, the deformation
capacity and the ultimate strength. Heat input for
multi-pass welds were calculated only pass-wise and
are presented in reference [8]. The numbers of passes
concerning fillet and bevel groove welds are indicated
with corresponding welding symbols It can be seen
from table 10 that increasing throat thickness did not
significantly affect the deformation capacity and the
ultimate strength of the joints. It can be also noticed
that the true values of throat thickness were distin-
guished from nominal values, especially in joints X5
and X12. The differences in the deformation capac-
ity of ultimate strength were not significant between
jointsX1,X2,X1B andX2B,which had the sameRHS
dimensions but a different number of weld passes. The
greatest increase in the ultimate strength was only
5.8% which seems quite small taking into account
increased welding costs resulted from the multi-pass
fillet welds needed to reach adequate throat thickness.
However, based on comparisons #3 and #4 a slight
indication of the effect of the heat input into defor-
mation capacity can be noticed. In joints X2 and X2B
bevel groove welds were welded with one full penetra-
tion pass. These joints had lower deformation capacity
than joints X1 and X1B which had more weld passes
in the bevel groove welds. Reducing the number of
weld passes to one also contributed to the change of
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Table 9. Results obtained from laboratory tests.

Fy F3% Fu 2δp,measured b0 2δp,measured Failure Fracture

Joint ID [kN] [kN] [kN] β [mm] [mm] 2δp,required mechanism Type

X1 1080 1262 1262 1 11.91 120 9.93 G d
X1B 1140 1320 1335 1 11.84 120 9.87 W d→ b
X2 1140 1255 1272 1 10.25 120 8.54 W d→ b
X2B 1160 1300 1321 1 10.33 120 8.61 W d→ b
X3 530 – 793 0.83 5.85 120 4.88 G d
X3B 545 – 820 0.83 6.69 120 5.58 S d
X4 965 1020 1069 1 – 120 – B d
X5 415 – 696 0.8 7.39 150 4.93 G d
X5B 435 – 718 0.8 7.32 150 4.88 G d
X5C 425 – 696 0.8 7.98 150 5.32 G d
X6 730 980 1 8.38 200 4.19 G d
X7 1245 1511 1 7.18 200 3.59 G d
X8 895 1118 1 7.67 200 3.84 W d
X9 1860 – 2075 1 3.42 120 2.85 G d→ b
X10 – 642 1 0.29 200 0.15 C d
X11 151 229 0.75 11.29 200 6.02 C+ F d
X12 715 810 820 1 9.51 120 7.93 G d
X12B 720 820 828 1 8.09 120 6.74 W d
X12C 690 – 776 1 7.16 120 5.97 G d
X13 945 – 1167 0.67 6.41 150 2.59 G d
X14 – 637 1 0.52 200 0.26 C d
XA4 355 – 540 0.53 7.35 150 2.09 G b
XA5 490 625 690 0.53 13.55 150 3.84 G d

Table 10. A comparison of joints welded with throat thicknesses a= 1.11t1 and a= 1.481t1.
Passes Heat input Throat thickness Deformation capacity Ultimate strength

Comparison Joint

# ID � Q [kJ/mm] Diff. [%] a/t1 Diff. [%] 2δp [mm] Diff. [%] Fu [kN] Diff. [%]

1 X1 2 1 – – 1.03 +24.3 11.91 −0.6 1262 +5.8
X1B 3 3 – 1.28 11.84 1335

2 X2 1 1 – – 1.06 +33.0 10.25 +0.8 1272 +3.9
X2B 1 3 – 1.41 10.33 1321

3 X1 2 1 – – 1.03 +2.9 11.91 −13.9 1262 +0.8
X2 1 1 – 1.06 10.25 1272

4 X1B 3 3 – – 1.28 +10.2 11.84 −12.8 1335 −1.0
X2B 1 3 – 1.41 10.33 1321

5 X3 – 1 1.16 −2.5 1.04 +32.7 5.85 +14.4 793 +3.4
X3B – 1/3 1.13 1.38 6.69 820

6 X5 – 1 1.15 +28.9 1.48 +4.7 7.39 −0.9 696 +3.2
X5B – 1 1.49 1.55 7.32 718

7 X12 1 1 0.87 +42.9 1.41 +14.9 9.51 −14.9 820 +1.0
X12B 1 1 1.24 1.62 8.09 828

fracture mechanism. Joints X2 and X2B fractured at
the web of the chord while joints X1 and X1B frac-
tured in the brace member adjacent to the weld toe.
However, this particular joint geometry has almost
the same expected ultimate load carrying capacity for
both previouslymentioned fracturemechanisms. Con-
sequently, geometrical andmaterial specific variations
may have a sufficient effect in order to change the
fracture mechanism. The highest deformation capac-
ity increase was between joints X3 and X3B but this
wasmostly explained by themanganese sulphide layer

of the base material found on the fractured surface.
Although the deformation capacity was greater in joint
X3B thanX3, the ultimate strength did not change cor-
respondingly. Joint X3 fractured in the brace member
adjacent to the weld toe, while in joint X3B a punch-
ing shear mechanism was the observed fracture mode.
The greatest decrease in the deformation capacity was
observed between joints X12 and X12B, which also
had the largest difference in the heat input in this series
of tests. However, the difference in the heat input con-
cerned only fillet welds adjacent to bracemembers and
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Table 11. A comparison of the results of laboratory tests and analytical calculations.

Eurocode 3 Yield line theory Failure mechanism

Joint Fy/ Fy/ Fu/ Fu/ Fu/ Fy/ Fy/ Fu/ Fu/ Fu/
ID Fy,420 Fy,true Fu,500 Fu,true Fy,420 Fy,420 Fy,true Fu,500 Fu,true Fy,420 EC3 YLT experimental

X1 1.45 1.18 1.43 1.26 1.70 1.37 1.11 1.34 1.19 1.60 W W G
X1B 1.54 1.25 1.50 1.32 1.78 1.42 1.16 1.38 1.22 1.65 W W W
X2 1.54 1.25 1.43 1.26 1.70 1.45 1.18 1.34 1.18 1.59 W W W
X2B 1.57 1.28 1.48 1.30 1.76 1.43 1.17 1.35 1.19 1.61 W W W
X3 1.77 1.44 2.22 1.96 2.64 1.61 1.31 2.03 1.79 2.42 F F G
X3B 1.86 1.51 2.35 2.07 2.79 1.67 1.36 2.10 1.86 2.51 F F S
X4 0.81 0.98 0.72 0.95 0.85 1.24 1.01 1.10 0.97 1.31 B B B
X5 1.58 1.40 2.23 2.06 2.65 1.48 1.31 2.08 1.93 2.48 F F G
X5B 1.65 1.46 2.29 2.11 2.72 1.54 1.36 2.14 1.97 2.54 F F G
X5C 1.62 1.43 2.23 2.06 2.65 1.53 1.35 2.11 1.95 2.51 F F G
X6 1.19 1.02 1.24 1.10 1.48 1.28 1.08 1.34 1.17 159 B G G
X7 1.13 1.00 1.15 1.02 1.37 1.10 0.97 1.12 0.99 1.33 B G G
X8 1.37 1.21 1.43 1.29 1.71 1.25 1.12 1.31 1.23 1.56 W G W
X9 1.33 1.15 1.24 1.20 1.48 1.28 1.11 1.20 1.16 1.43 W G G
X10 3.15 2.77 3.74 C C
X11 1.06 0.93 1.35 1.19 1.60 1.02 0.89 1.29 1.14 1.54 F F C+F
X12 1.52 1.23 1.45 1.27 1.72 1.39 1.12 1.32 1.16 1.57 W W G
X12B 1.53 1.24 1.46 1.28 1.74 1.38 1.12 1.32 1.16 1.57 W W W
X12C 1.45 1.35 1.37 1.26 1.63 1.35 1.25 1.27 1.17 1.51 W W G
X13 1.30 1.16 1.34 1.33 1.60 1.32 1.17 1.37 1.34 1.63 F G G
X14 3.11 2.73 3.70 C C
XA4 1.05 0.84 1.35 1.21 1.60 1.30 1.02 1.66 1.49 1.98 F G G
XA5 1.45 1.16 1.56 1.40 1.85 1.77 1.38 1.89 1.73 2.25 F G G

chord flanges. Joints X12 and X12B fractured adja-
cent to the bevel groove weld, which means that the
fillet welds did not have as significant a role in the
load carrying as bevel groove welds. Contrary to this
result, deformation capacity did not change as much
between joints X5 and X5B although the difference in
heat input concerned the whole fillet weld, which was
welded around the brace member.

7.2 Comparison of calculated and experimental
results

Results obtained from laboratory tests and calcula-
tions, (Ftest/Fcalcul.) are compared in table 11.The joint
capacities were calculated using both nominal mate-
rial strength values (fy0.2 and fu from table 1) and true
material strength values (fy,true and fu,true from table 3).
The true cross-section dimensions were used to calcu-
late the joint capacities. It can be seen from table 12
that the expected fracture mechanisms were generally
in good agreement with the laboratory results. Almost
all full-width joints fractured as expected and the dif-
ference between tested and calculated capacities was
lowest in all of the tested joints. Most of the joints
with β< 1 fractured in a different way than expected
and also the experimental results distinguished more
from theoretical capacities than in the case of full-
width joints. The joints with larger dimensions (X6,
X7, X8, X10, X11 and X14) behaved as expected both
in the tensile or compression loading. Blanco cells in
table 9 denote there is no yield load available from

Figure 9. Comparison of the force-displacement curves
from the laboratory test and the FE-models with different
elongation limits [8].

experimental tests or theYLT is not valid. Joints XA4
and XA5 had sufficient ultimate strength and defor-
mation capacity even though they were welded with
small throat thicknesses.

7.3 Results from FEA

The load-displacement curves of an FE-model with
different material models are compared to a load-
displacement curve obtained from laboratory test X1
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Figure 10. Comparison of the force-displacement curves
from the laboratory test and the FE-models with and without
weld filler [8].

in figures 9 and 10. The curves in figure 9 are cal-
culated using nominal material strength values and
true values applying total uniform elongation (Agt)
and fracture strain (Am) from table 8. In figure 10
the curves are calculated using true material strength
values with total uniform elongation. The upper FEM-
curve in figure 10 includes the weld filler metal
material model contrary to the lower curve It can be
seen from figures 9 and 10 that a force-displacement
curve based on nominal material strength values sig-
nificantly underestimates the load carrying capacity
of the joint. Curves obtained using melting batch val-
ues represent the true joint behavior more accurately.
Using a total uniform elongation value instead of the
ultimate strain provides a more accurate curve. Using
the weld filler material model the FE-model overesti-
mates the true joint load carrying capacity. It should be
noticed that the FE-model lacks the material models
of RHS corners and HAZ. In theory, RHS corners are
stronger than the web and flange of the RHS, this is
due to strain hardening caused by the manufacturing
process. On the other hand, HAZ may be weaker than
the base material due to the heat input caused by weld-
ing. Because of these inaccuracies of the FE-model
the surprisingly accurate result using the total uniform
elongation value in the material model may only be a
coincidence. For conservative results, it is more advis-
able to use the ultimate strain value when creating a
material model.
Force-strain curves obtained from the FE-model

and strain gauges as well as the location of strain
gauges and the displacement transducer are presented
in figures 11 and 12. It can be seen that the curves con-
cerning chord strain values are in good agreement but
curves relating to the brace strain values are not. It was
noticed that the brace was misaligned which made the
strain values obtained from the brace and chord differ
due to uneven stress distribution caused by the bend-
ing moment. The other reason for differences between

Figure 11. Force-strain curves obtained from the FE-model
and strain gauges.

Figure 12. Locations of the displacement transducer attach-
ment and strain gauges in the FE-model.

FEA and strain gauge results can be the local soften-
ing effect due the welding, which was not considered
precisely in FEA.

8 CONCLUSIONS

Based on 23 experimental X-joint tests and analytical
calculations it can be concluded that

• the current design rules seems to be valid
for X-joints made from Ruukki double grade
S420MH/S355J2H rectangular hollow sections

• however, there seems to be no adequate reason to use
a reduction factor of 0.9 for joint capacities made
of steel grade S420

• the few performed experimental tests did not prove
any significant benefit to use a throat thickness of
a= 1.48t1 instead of a= 1.11t1

• the results from the FEA are sensitive to thematerial
model used
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Experimental investigation of the static capacity of grade C450 RHS T and
X truss joints

J. Becque
The University of Sheffield, Sheffield, South Yorkshire, UK

T. Wilkinson
The University of Sydney, Sydney, New SouthWales, Australia

ABSTRACT: The results of an experimental program on X andT truss connections in C450 cold-formed RHS
are presented. The aim of the program was to study the effect of the higher material yield strength and reduced
fu/fy ratio of C450 compared to C350 steel on the various possible failure modes. At the same time the program
also includedRHSwithwall slenderness values outside the current CIDECTgeometric limits, since these slender
cross-sections typically form part of the range of cold-formed RHS which are commercially on offer. Awaiting
the results of comprehensive finite element studies based on the here presented data, the experimental results
cautiously indicate that the current CIDECT design rules for T and X connections in grade 350 steel can be
applied to C450 with t< 6mm provided that the CIDECT geometric restrictions are met, and the minimum value
of fy and 0.8fu is substituted for fy when determining the connection strength.

1 INTRODUCTION

This paper presents the results of an experimental pro-
gram carried out at the University of Sydney with the
aim of studying the static capacity of X and T truss
joints in grade C450 cold-formed rectangular hollow
sections (RHS). A total of 15 connections were tested,
including 4 T joints and 11 X joints.
The driving factors behind the research were

twofold. First, the large amount of material cold-
working received during the manufacturing process
of RHS results in an increased material yield stress fy,
while the fu/fy ratio is typically reduced. It is thereby
noted that, in what follows, the term ‘yield stress’
should be understood to represent the 0.2% proof
stress, while the symbol fu represents the ultimate ten-
sile strength. The research aimed to investigate the
effects of the alteredmaterial properties on the connec-
tion capacity and to (re)assess the need for reduction
factors in the design equations when designing C450
X and T connections.
Second, advances inmanufacturing techniques have

allowed RHS with wall thicknesses of up to 16mm to
beproducedby cold-rolling.However, upon inspection
of commercial C450 RHS catalogues it is clear that a
significant number of the sections on offer fall outside
the geometric restrictions of CIDECT Design Guide 3
(Packer et al. 2009) in terms of their wall slenderness.
The program aimed to include these more slender sec-
tions and gather experimental data on their connection
behaviour and capacity.

2 BACKGROUND

While having evolved over many decades, the
CIDECT design guidelines for truss connections have
typically been presented with certain restrictions on
their applicability. These restrictions themselves have
evolved in synch with the design rules and apply to
certain geometric parameters of the connections, as
well as to the material properties. Earlier versions of
CIDECT Design Guide 3 (Packer et al. 1996) lim-
ited the material yield stress fy to 355MPa, while also
imposing the requirement that fu/fy had to exceed 1.2.
While these restrictions have been maintained in the
recently published AISC Design Guide 24 for Hollow
Structural Section Connections (Packer et al. 2010),
the latest version of the CIDECT Design Guide 3
(Packer et al. 2009) (which is also in accord with
the recommendations of the International Institute of
Welding, IIW 2009) has extended the range of appli-
cability of the design rules to yield strengths of up to
460MPa. However, it stipulates to use the minimum
of fy and 0.8fu instead of fy in the design equations
and also imposes an additional reduction factor of 0.9
on the connection capacity. Eurocode 3 EN1993-1-12
(2007) equally imposes a reduction factor of 0.9 for
S460.
When researching the origins of the reduction fac-

tor of 0.9, it appears that most of the justification
for it originates from experimental work specifically
conducted on K gap connections. Kurobane (1981)
was first to demonstrate that the ultimate capacity of
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CHS K gap connections in S460 is in relative terms
18% lower compared to the same joints in S235.
Noordhoek et al. (1996) similarly found that CHS K
gap connections of S460 had lower joint capacity fac-
tors than S235, even when an effective yield stress of
0.8fu was used. However, Puhtli et al. (2010) carried
out tests on CHS X-joints in S460 and observed that
for nearly all connections tested, the experimentally
determined capacity exceeded the capacity calculated
without the factor of 0.9. The experiments were fol-
lowed by numerical analyses which indicated that,
while there is some justification for the inclusion of
a reduction factor, the current value of 0.9 is conser-
vative for X joints. The parametric studies, however,
also revealed a dependence of the results on the
fu/fy ratio. This dependence is the result of punching
shear failures and effective width failures in tension
being governed by the tensile strength fu, while the
design equations are based on the yield stress fy. With
respect to RHS connections, Mang (1978) conducted
some early research on high strength S690 K-joints
and observed a relative reduction in strength of 1/3
compared to S235 joints. Liu & Wardenier (2004)
carried out further numerical work on RHS K gap
connections in S460 and noticed a 10–16% reduction
in capacity compared to S235 joints. Their research
considered ultimate capacities, aswell as the 3%defor-
mation limit of Lu et al. (1994).With respect to wall
slenderness values for X and T joints, earlier versions
of Design Guide 3 (Packer et al. 1996) imposed a limit
of 35 on chord and brace members, while compres-
sive brace members needed to satisfy at least Class
2 requirements. Various design standards around the
world are still based on these recommendations e.g.
EC3 EN1993-1-8 (2005) and AISC Design Guide 24
(Packer et al. 2010). However, based on re-evaluation
of numerical work by Yu (1997) on T and X joints
and by Koning & Wardenier (1976) on K gap joints,
while taking into account the 3% deformation limit,
CIDECT Design Guide 3 (Packer et al. 2009) has
extended the wall slenderness limit to 40. How-
ever, compressive chord members, as well as brace
members, need to satisfy Class 2 requirements.

3 MATERIAL TESTS

A total of 24 tensile coupons were tested according to
the AS/NZS1391 (1991) specifications. The coupons
were cut from the same segments of RHS tube as the
members of the actual test specimens. For each RHS
one coupon was taken from the middle of the face
opposite the weld face and one coupon was taken from
the middle of a face adjacent to the weld face, as illus-
trated in Figure 1. All coupons were 20mm in width
andwere tested at a strain rate of 5× 10−4/s in a 300kN
capacityMTSSintechmachine. It should be noted that
the RHS employed in the tests were obtained from two
different sources: sizes up to 200× 200× 6wereman-
ufactured in Australia by OneSteel Australian Tube
Mills, while the larger sizeswere imported from Japan.

Figure 1. Location of the test coupons.

Table 1. Tensile coupon results.

Adjacent to weld Opposite weld

fy fu fy fu
Section Source MPa MPa MPa MPa

400× 400× 16 JAP* 478 527 434 531
400× 300× 8 JAP 446 542 469 550
350× 350× 8 JAP 441 524 443 514
350× 250× 10 JAP 432 534 455 534
300× 300× 8 JAP 471 536 462 510
250× 250× 6 JAP 476 562 504 574
250× 150× 5 AUS* 426 509 449 518
200× 200× 6 AUS 442 516 456 524
200× 100× 5 AUS 425 495 440 534
200× 100× 4 AUS 422 508 453 523
150× 150× 6 AUS 432 499 433 504
125x125x5 AUS 424 503 418 502

Average JAP 457 538 461 536
Average AUS 428 505 441 518

*JAP= Japanese origin; AUS =Australian origin.

While all sizes are sold in Australia as C450 con-
forming to AS/NZS 1163 (2009), it is recognized that
sections from these two originsmight generally exhibit
somewhat different material properties. Table 1 lists
the values of fy and fu obtained in the coupon tests.
‘Static’ lower-bound values are reported, obtained by
halting the test near the 0.2% proof stress and near the
ultimate load and allowing the load to settle for about
2 minutes, as illustrated by the example provided in
Figure 2.
It is seen from Table 1 that the material in the face

opposite the weld generally exhibits a slightly higher
yield stress than the material in the face adjacent to
the weld, while the tensile strengths in both faces are
similar. This can be explained by the larger amount
of work-hardening undergone by the face opposite the
weld during the fabrication process.
Of particular importance is the fu/fy ratio. For the

Australian made sections, an average yield stress fy
of 435MPa was found, in combination with a tensile
strength fu of 511MPa.Consequently, fu/fy = 1.18. For
the Japanese made sections, on average fy = 459MPa
and fu = 537MPa, and thus fu/fy = 1.17.Thematerials
narrowly fail the CIDECT requirement that fu/fy has
to exceed 1.2.
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Figure 2. Results of RHS200× 200× 6 coupon tests.

Figure 3. Compound weld (taken from AS/NZS 1554.1
2000).

4 WELDING

All connections were welded according to AS/NZS
1554.1 (2000) by a certified welder. Gas metal arc
welding with W503 electrode wire was selected for
all welds and Argon UN1006 was used as a shielding
gas. Before welding the brace members were purged
using Argon UN1956. Weld failures were outside the
scope of the project and undesirable, since the aim
of the research was to investigate the implications of
using grade C450 on the connection capacity. There-
fore, full penetration butt welds with superimposed
fillet welds were selected whenever possible. Figure 3,
taken from AS/NZS 1554.1 (2000), shows the pre-
qualified weld detail which was used. The decision
to select a compound weld was reinforced by find-
ings that it is difficult to obtain full penetration at the
root of the weld (Wardenier et al. 2009), a conclu-
sion which was also drawn from slicing through and
visually inspecting two practice connections.

5 TESTS ON TAND X CONNECTIONS

A total of 15 tests were carried out, including 4T joints
and 11 X joints. An overview of the test program is

provided in Table 2. Keeping in mind the driving fac-
tors behind the research, which are on the one side
the increased yield stress but reduced fu/fy ratio of the
C450 steel and on the other side the increased wall
slenderness of many of the cold-formed products, the
experimental program was designed to include two
types of sections in a balanced way:

1. sections with a nominal yield stress of 450MPa
which satisfied the geometric constraints of the
CIDECT design guidelines (Design Guide 3,
Packer et al. 2009). These tests investigated the
effect of the altered material properties only.

2. sections with a nominal yield stress of 450MPa
which, due to their increased cross-sectional slen-
derness, fell outside the scope of the CIDECT
design guidelines. These tests are highlighted in
Table 2.

Awide range of geometrieswere included in the test
program, with section sizes ranging from 75× 75× 5
to 400× 400× 16. The geometric parameters β, 2γ ,
τ and α are listed in Table 2 for each connection.
The parameter β is equal to the ratio of the width
of the brace member to the width of the chord mem-
ber, 2γ is the ratio of the chord width to the chord
thickness, τ is the ratio of the thickness of the brace
member to the thickness of the chord member, and α
is the angle included between the axes of the brace
member and the chord member. Table 2 also indicates
whether the connection was loaded in tension (T) or
in compression (C).
The test program was designed with the aim

of including the complete range of possible failure
modes, as identified in the CIDECT references (e.g.
Packer et al. 2009), into the experiments: chord face
plastification, chord side wall failure, punching shear
and effective width failures.
A strong frame with a 1000 kN jack was used to

test the smaller size X-joints in compression (X1, X2,
X3, X5, X7 and X8). The set-up is illustrated in Fig-
ure 4. The specimens were tested between universal
hinges, whichwere fitted onto the 320× 320× 32mm
end plates of the specimen. This test configuration
was chosen because it ensured a centered entry of the
load into the specimens. The hinges allowed for end
rotations to develop, mimicking the flexibility of the
omitted parts of the brace members in the actual truss.
In particular, the set-up allowed the increasing in-plane
misalignment of the bracemembers to occur as a result
of the chord shear deformations typically observed in
X-joints with α = 90◦. This is illustrated for specimen
X8 in Figure 4. On the other hand, the specimens were
short enough to avoid overall Euler buckling.
Specimens X9, X10 and X11 included RHS of

unprecedented size and were tested in the 2000 kN
capacity DARTEC machine (Fig. 5). All three spec-
imens were right angle X joints (α= 90◦) and were
tested between fixed end conditions, a practice which
has been common place with various other researchers
(e.g. Feng &Young 2010, Rasmussen &Young 2001).
After being fitted with cap plates, the specimens were
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Table 2. Test results.

placed directly on the bed of the testing machine. To
bridge the slightly uneven gap between the top cap
plate and the plate at the underside of the jack, 70MPa
plaster was mixed up and sealed inside a plastic bag.
The ram of the testingmachine was then brought down
until it made even contact with the bag and the plaster
was left to set.
The X joints in tension (X4 and X6) were tested

as illustrated in Figure 6. Cap plates were welded to
the ends of the brace members and fitted with perpen-
dicular plates which could be held by the jaws of the
2000 kN DARTEC testing machine.
Specimens T2 and T3 were tested in tension using

the set-up illustrated in Figure 7. A plate slotted into
the brace member was placed in the jaws of the
2000 kN capacity DARTEC testing machine. Eight
24mm high-strength threaded rods, doweled into the
bedof themachine and connected toRHS100× 50× 6
crossmembers, held the specimen downwhile a tensile
forcewas applied. It is clear that the applied load has to
dissipate into the sidewalls in shear before being trans-
ferred to the rods and that the joint therefore qualifies
as a T connection. Buckling of the chord side walls at
the location of the dowels was determined not to be
a limiting issue. The nuts on the eight rods were just
loosely tightened without applying force, in order to
avoid the specimen being clamped down with prying
action developing during the test. Instead, the speci-
men was seen to ‘float’ off the bed during the test with

a gap of about 2mm opening up between the under-
side of the specimen and the base of the machine. This
ensured a simple flow of forces.
Specimens T1 and T4 were tested in compression.

With β= 0.50, the expected (and observed) failure
mode was plastification of the top chord face with
very little participation of the side walls. Therefore,
the set-up illustrated in Figure 8 was deemed accept-
able. The specimens were placed flat on the bed of
the testing machine to prevent any bending moments
from developing in the chord and introducing extra
compression into the chord top face. The compressive
load was introduced into the specimen through a uni-
versal hinge to ensure uniform bearing contact with
the brace member.
Figures 9–12 illustrate various failure modes

encountered in the test specimens: plastification of
the chord face (Fig. 9, showing T4), punching shear
(Fig. 10, showing T3), chord side wall buckling
(Fig. 11, showing X3) and effective width failure of
the brace (Fig. 12, showing X6).

6 TEST RESULTS: DISCUSSION

Table 2 lists the ultimate loads Pu obtained in the tests.
Consideration was also given to a deformation limit
which, in accordance with Lu et al. (1994), was set at
3% of the chord width. The corresponding load P3%
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Figure 4. X joint in compression (X8).

is listed in Table 2. Whenever applicable, the load at
which side wall buckling was first observed, Pcr, is
also shown.
The current CIDECT design guidelines (CIDECT

DesignGuide 3, Packer et al. 2009)were used to obtain
a prediction of the connection capacity. It is thereby
noted that someof the connections tested (in particular,
the connections highlighted in Table 2) did not satisfy
the geometric constraints imposed by the CIDECT
rules in terms of the wall slenderness values of the
chord and/or bracemembers.While the CIDECT rules
must not be applied to these connections, a prediction
is nevertheless given. Predictions were obtained in two
different ways:

1. by applying the design rules of CIDECT Design
Guide 3 (Packer et al. 2009) as stated, i.e. with
limiting fy to 0.8fu and applying an extra modi-
fication factor of 0.9. Actual values of fy and fu,
as determined from coupon tests, were used. This
prediction is listed as Ppred,1 in Table 2.

Figure 5. Large X joint in compression (X11).

Figure 6. X joint in tension (X4).
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Figure 7. T joint in tension (T3).

Figure 8. T joint in compression (T4).

2. the CIDECT rules valid for fy = 355MPa were
applied, without modification, to the C450 con-
nections. Actual values of fy as determined from
coupon tests, were used. This prediction is listed as
Ppred,2 in Table 2.

In either case it was taken into account that the
CIDECT rules yield factored capacities, implicitly
including a partial safety factor of 0.9. The factor of
0.9 was divided away to allow an objective comparison
between the experiment and the prediction.

Figure 9. Chord face plastification (T4).

Figure 10. Punching shear (T3).

Figure 11. Chord side wall buckling (X3).

In Table 2, Ratio1 indicates the ratio of the
experimentally determined capacity (including the 3%
deformation limit) to the predicted capacity Ppred,1.
Ratio2 is the ratio of the experimentally determined
capacity (again including the 3% deformation limit)
to the prediction Ppred,2.
When considering only those connections which

satisfied the geometric constraints of the current
CIDECT rules (i.e. the connections not highlighted in
Table 2), it is seen that Ratio2 is consistently above
1.0. However, connection T3, where the predicted
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Figure 12. Effective width failure of the brace (X6).

failure mode is different from the actual, observed
failure mode, requires further consideration. The dis-
crepancy results from the fact that β< 0.85 and that,
consequently, a punching shear check is not explic-
itly required by the CIDECT rules. In reality, however,
due to the particular geometry of the connection the
brace side walls sat directly adjacent to the rounded
corner zones of the chord (Fig. 10) and punching
shear became the governing failure mode. If a punch-
ing shear check were carried out according to the
CIDECT rules, this would result in: Ppred,1 = 193 kN
and Ppred,2 = 224 kN, and consequently: Ratio1= 1.12
and Ratio2= 0.97. The fact that Ratio2 comes in
slightly below unity is not entirely surprising, since
the punching shear capacity is in effect governed by
fu (while the design equation is based on fy), and
since the fu/fy ratio is slightly less than the required
value of 1.2. A similar observation can be made for
specimen X6, where Ratio2= 0.95. X6 fails by an
effective width failure of the brace wall in tension,
a phenomenon equally governed by fu. The experi-
mental results therefore provide evidence in support
of the recommendation to limit fy to 0.8fu, especially
seen the brittle nature of punching shear and effective
width failures.
Apart from the punching shear and effective width

failures, connectionswhich satisfied theCIDECTgeo-
metric limits exhibited the lowest Ratio1 and Ratio2
values for chord face plastification failures, while still
exceeding unity: Ratio2= 1.00 for X5, 1.09 for T4,
1.11 for T2 and 1.30 for T1. Based on these test, no
conclusive evidence is currently present to support
the introduction of an additional safety factor of 0.9.
However, numerical studies are underway to provide
additional data.
Equal-width X-joints which failed by chord side

wall buckling and which satisfied the CIDECT limits,
exceeded the predicted capacity by at least a factor of
two (X3 and X10). In the case where β < 1.0 and the
specimen failed in combined side wall buckling and
chord face plastification, Ratio2 dropped to 1.06 (X7).

Specimens X2 and X11 were equal-width X-joints
with a side wall slenderness of 50, which is well
outside the CIDECT limits. Nevertheless, these spec-
imens exceeded the CIDECT predicted capacities by
factors of 3.5–4.0, the largest margins in the test pro-
gram. This prompts the conclusion that the CIDECT
design rules for chord side wall buckling of equal-
width joints becomemore conservative for higher side
wall slenderness values.
The applicability of the CIDECT design rules

becomes significantly more problematic for joints
with β< 1.0 which exhibit high chord side wall slen-
derness values (>40) and which fail in combined
chord face plastification and side wall buckling. In
these cases, the formation of a chord face plastifi-
cation mechanism is considerably facilitated by the
slender side walls, which, due to their relatively low
bending stiffness, participate in the failure mecha-
nism. Participation of the side walls was observed for
β ratios well below 0.85. The CIDECT rules in their
current formmust not be applied to these connections.
While Ratio2= 1.14 for X9, Ratio2= 0.78 for X8 and
Ratio2= 0.76 for X1.

7 CONCLUSIONS

The results of an experimental program investigating
the static capacity of cold-formed C450 RHS X and
T truss joints are here presented.A total of 15 tests are
described, including 4 T joints and 11 X joints. The
program will serve as the starting point of detailed
finite element simulations, but points towards some
preliminary conclusions. In particular, it indicates a
need to limit fy in the design calculations to a certain
fraction of fu, while it does not provide supporting
evidence for the complete elimination of an additional
modification factor of 0.9. The scope of the speci-
mens tested do not include thicknesses above 6mm, or
for K-joints, so the initial conclusions have not been
verified against a full range of connection options.
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FEA of T & X joints in Grade C450 steel
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ABSTRACT: Finite element modelling of higher strength Rectangular Hollow Sections (RHS) at 450MPa
yield have been benchmarked against a set of 6 T & X experiments. The main aim to date is to benchmark finite
element models against test results at 3% deformation and ultimate loads. The FEA approach that provides the
best simulation of results incorporates elements that are 20 noded hexahedral elements, vonMises yield criterion
with kinematic hardening rules and an arc length method using modified Riks-Ramm technique. The paper will
examine various parameters including β, 2γ , τ; alternate geometries; geometric imperfections, chord length and
chord loads.

1 INTRODUCTION

CIDECT Design Guides have material strength and
geometric limitations on the applicability of many of
their design rules. The reasons are twofold: higher
strength materials often have less ductility, and expe-
rience greater deformations before yield; and more
slender sections may experience plate local buckling
failures not necessarily considered in the background
research. Design Guide 3 (2009) extended the appli-
cability to yield strengths up to 460MPa, but has a
requirement to use the minimum of [0.8fu, fy] plus
an additional correction factor of 0.9 based on extra
deformation for high strength steel, rather than fy
alone. These modification factors reduce the design
capacity by the order of 10–15% compared to using
460MPa alone.
The aim of this project is to assess the joint

behaviour of higher strength and slightly less ductile
Grade C450 rectangular tubular joints, with regards to
applicability to Grade C450 (or similar) and the need
for the additional reduction factors that apply at this
stage. Some of the numerical simulation work done to
date is provided in this paper.
Finite element analyses have been conducted to

benchmark a number of T and X joint experimental
tests with regards to maximum load, 3% deforma-
tion limit load, initial elastic stiffness and structural
ductility/deformation capacity at maximum load/ fail-
ure. The test parameters and test results for which
benchmarking have been carried out are as provided in
Table. 1. Parametric analysis for a range of chord axial
loads has been studied. A more elaborate discussion
on the tests is provided by Becque et al. 2011.
The process and methodology followed includes

assessing the behavior of models for the following:

• Element type (shell vs solid vs hybrid combination
model; nodes per element (8-noded vs 20 noded
brick))

• Material properties (isotropic and kinematic hard-
ening)

• Investigation of a damage model for tensile failure
(LeMaitre)

• Analysis type (arc length, large deformation and
strain options).

2 METHODOLOGY

2.1 Finite element model

A quarter of the T joint was modelled taking into
account symmetry of the joint. In the case of X
joints, one-eighth joint models were developed. The
fabrication of these joints had minimum rotational/
translational joint eccentricity and justifies this
assumption. Finite element geometry/meshwas devel-
oped using MSC.Patran 2010/MSC.Mentat. Physical
representation of the joint was done using various ele-
ment topologies. These include linear/quadratic shell
and solid elements.
Finite element models for experimental tests con-

ducted on four T and two X joints reported in Table 1
have been generated. The solid element model incor-
porates four elements through the thickness of chord,
brace and welds. Typical finite element models with
solid elements are as shown in Figures 1 and 2. The
geometry of the butt welds in these models is assumed
to be uniform with 100% penetration and at a foot-
print of 45 degrees angle from the face of the brace
to the chord. Geometric FE imperfections, tube thick-
ness and corner radii closely reflect measured values.
The finite element models incorporate slotted gusset
plates/cover plates at the loading (restraint) ends of
tensile/compressive tests in accordance with the fab-
rication drawings. The results for mesh with linear
hexahedral solid elements (hex8) have been compared
with quadratic hexahedral elements (hex20) in all these
analyses.
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Table 1. Geometrical parameters, failure modes and test results of T and X joint.

Chord size
Brace size/

Test ID Brace Load Geometry Failure Mode, test Ptest 3% (kN) Ptest,ult (kN)

T1 200× 200× 6 β= 0.5 Chord Face 171 Large
100× 100× 8 2γ = 33 Plasticfication
Compressive τ= 1.33

T2 200× 200× 6 β= 0.38 Chord Face 118 191
75× 75× 5 2γ = 33 Plasticfication
Tensile τ= 0.83

T3 125× 125× 5 β= 0.8 Punching Not reached 217
100× 50× 6 2γ = 25 Shear
Tensile τ= 1.2

T4 400× 400× 16 β= 0.5 Chord Face 1075 1797
200× 200× 12.5 2γ = 25 Plasticfication
Compressive τ= 0.78

X6 200× 200× 6 β= 1.0 Effective Not reached 659
200× 100× 4 2γ = 33 Width Failure
Tensile τ= 0.67

X9 350× 350× 8 β= 0.86 Chord side 735 848
300× 300× 8 2γ = 44 wall Buckling &
Compressive τ= 1.0 Chord face

Plastification

Figure 1. Finite element mesh used for test T2.

Parametric studies for variations to chord length
in these joint tests have been simulated. In order to
evaluate differences between X andT joints, finite ele-
ment studies were conducted on T joints converted to
X joints. One of these converted X joints has been
modelled for various element types. These include
quadratic shell elements (quad8) and a hybrid model
with hex20 solid elements at the chord/brace interface
andwith quad8 shell elements away from the interface.
Finite element mesh plots for these element variations
are provided in Figs. 3 and 4.

2.2 Material

Tensile coupon tests for 200× 200× 6werepreviously
conducted. The true stress strain curves obtained from
the engineering stress strain results is as shown in Fig-
ure 5. This stress strain curve has been adopted for
all elements in the analyses. Von Mises yield crite-
rion with kinematic hardening rule was used in most
analyses. In compression test simulations, kinematic

Figure 2. Finite element mesh for Test T3.

Figure 3. Finite element mesh plate element models.

hardening was required to better represent loading
effects in the inelastic region. In tensile test simu-
lations, isotropic hardening is adequate to represent
loading effects. However kinematic hardening was
required to simulate unloading effects.
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Figure 4. Finite element mesh for hybrid model with plate
and solid elements.

Figure 5. Material stress strain curve.

A phenomenological approach to ductile dam-
age has been done through Lemaitre damage model
(MSC.Marc 2010, Lemaitre et.al 1990). The damage
model requires as inputs plastic strain threshold, criti-
cal damage Dc, corrected ultimate stress and damage
resistance parameter, S. The critical damage is used
to compare the ductile damage D with the state of
the material. When D reaches Dc the damage prob-
ability tends to be 1. The comparison is done by the
relative damage value. Simulation of tensile coupon
test results has been used to define damage values in
Lemaitre model.

2.3 Loads and boundary conditions

Loads and restraints for T and X joints with tensile
brace/compressive loads closely follow the experi-
mental test setup. Relevant boundary conditions at
planes of symmetry have been adopted.

2.4 Analyses

Non linear large displacement analyses were con-
ducted using MSC.Marc 2010. Predictions and

Figure 6. Small Strain vs. Large Strain.

Figure 7. Kinematic Hardening vs. Isotropic Hardening for
tensile test T2.

experimental results have been compared for a range of
analyses parameters.These include large displacement
large strain, large displacement small strain, adaptive
arc length techniques such as Crisfield, and modi-
fied Riks-Ramm. Relative displacement/force conver-
gence tolerance of 0.01 have been specified in these
analyses.
Large displacement small strain plasticity method

was compared to large displacement large strain plas-
ticity methods. The latter approach gave better corre-
lation to experimental results. A comparison between
the two approaches andmeasured experimental results
is provided in Figure 6 for test t2.
Results for isotropic and kinematic hardening are

shown in Figs. 7 and 8 for tensile test T2 and compres-
sive test X9. Kinematic hardening model is found to
be more reliable in simulating loading and unloading
effects.
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Figure 8. Kinematic Hardening vs. Isotropic Hardening for
compressive test x9.

Figure 9. Load Displacement Response for T type joint in
Tension at the chord to brace interface: FE vs. Experimental.

3 TENSILE BRACE LOADS

3.1 Numerical results

The measured load displacement response for T joint
tests T2, T3 at the chord brace interface and results
obtained from numerical simulations adopting hex8
and hex20 elements are compared in Figure 9. Similar
comparison for X joint test X6 with additional load
displacement response at ends of the brace is provided
in Figure 10. In an analyses variation, test X6 was
analysed without imperfection to study the effect of
imperfection on ultimate load capacity. These results
are as shown in Figure 11 along with insets showing
failure locations during test.

3.2 Influence of chord restraints on T joints

Tests T2, T3 have bolts loosely tightened at
145/150mm (Figure 12.1). It was felt that the T joint
may be constrained due to its close proximity with
the brace in both FEA and experimental tests, FEA

Figure 10. Load Displacement Response for lower vs.
higher order elements.

Figure 11. Load Displacement Response for perfect and
imperfect elements: FE vs. Test.

Figure 12.1. Experimental test set up for Test T2.

assumptions possibly being greater than the experi-
mental test set up. A sensitivity study was therefore
conducted by moving the location of these constraints
away from the joints. The base FEA model adopts the
nearest vertical constraint at 140mm from the face
of the weld (Figure 12.2). Nearest vertical constraints
were modified to locations 160mm, 370mm and to
ends of the chord.
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Figure 12.2. Model Variations to clamp locations.

Figure 13. Parametric FEA results for chord restraints in
joint type T2.

The load displacement curves simulated using hex-
ahedral 20 elements, von Mises yield with kinematic
hardening and for large strain and large displacement
formulation for test T2 is provided in Figure 13. The
analyses confirm that load displacement response is
sensitive to the location of constraints.

3.3 Comparisons between T and X joints

Current CIDECT rules are the same for T, X and Y
joints. Test T2 has been designed to fail in chord face

Figure 14. Comparison of FE results for T and X joints.

plastification with little participation from the chord.
Test T3 has been designed to fail in punching shear. In
order to verify whether X joints satisfy the load limits
derived for theT joint,TestT2 described in Section 3.2
and test T3 have been converted to X joints. Load dis-
placement response comparing T and T modified as
X is provided in Figure 14. In both scenarios, ultimate
loads predicted inT joints are higher than an equivalent
X joint.

3.4 Shell vs solid elements

Test T2 modified to X joint configuration has
been modelled with different shell, solid and hybrid
shell/solid models (ref to Figs. 1, 3 and 5 of Sec-
tion 2.1). Load displacement response results for these
models at the junction of the chord and brace are
provided in Figure 14. These modified models have
been compared against analyses results for hex20 solid
element model. Representation of joint with both
thin and thick shell elements could not properly and
accurately predict joint deflections. Also, it tended
to underpredict the joint capacities. A comparison
between results obtained for the different element
types and CIDECT predicted loads are provided in
Table 2.
As seen by previous researchers, finite element

weld profile is required for accurately predicting load
capacities of joint. Modelling chord, brace and welds
with thick plate element formulations gave lower esti-
mates for end loads. A hybrid element model with
hex20 at the brace/chord interface and quad8 ele-
ments compares well with hex20 elements. Such a
methodology can result in substantial reduction in
solve times.

3.5 Lemaitre damage model

Load displacements for Test T2 with hex20 elements
with Lemaitre damage fracture criteria are provided
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Table 2. Predicted load capacities for shell and solid
elements.

Simulations

Load at 3% End Load Ratio R1 Ratio R2

Element Type Ps3 (kN) Pus (kN) Ps3/Pp1* Ps3/Pp2*

Hex 20 95 179 1.08 0.90

Quad8; Thin shell; 51 61 0.58 0.48

no weld

Thin Shell; welds 143 143 1.63 1.35

Thick Shell; welds – 78 0.89 0.74

Hybrid (Hex20 94 180 1.07 0.89

and Quad8)

• Pp1 and Pp2 are two predictive approaches and equates to
88 kN and 106 kN at 3% deflection limits.

• Pp1 is calculated using min(fy, 0.8fu) with an additional
modification factor of 0.9.

• Pp2 is calculated using fy without the modification factor
of 0.9.

Figure 15. Comparison of Lemaitre Damage Model results
and without damage model.

in Figure 15. Differences in results for models with
and without damage in these simulations are minimal.
The relative damage values predicted have been used
to identify the damage location and the load at which
ultimate damage occurs. Relative damage values at
159 kN and 179 kN are shown in Figs. 16 and 17. At
179 kN, the probability of damage exceeds 1 showing
that the damage has occurred. At 172 kN, the damage
is likely to be 100%. The location of failure predicted
by the model coincides with those seen in the tests
(inset in Figure 17). The failure shown in the tests is
at approximately 165 kN.
The probability of damage for simulated test X6

with damage criteria is provided in Figure 18. The
location of likelihood of failure in tests X6 is correctly
predicted in Test X6. However, relative damage val-
ues are within 1 suggesting that damage has not
occurred. A potential cause for this mismatch is that
the model does not correctly reflect the fabrication
details corresponding to β of 1.

Figure 16. Critical Zones: Damage Value at 159 kN.

Figure 17. Critical Zones: Damage Value at 179 kN.
Damage Value >1 indicates probability of damage as 1.

Figure 18. Lemaitre Relative Damage at 717 kN.

3.6 Influence of chord load on ultimate load
capacity

Compressive or tensile loads have been applied as dis-
tributed pressures at the end of the chords. Eight chord
pre-load ratios have been applied. Four of these are
compressive and at 0.2fy, 0.4fy, 0.6fy and 0.8fy. The
directions of these loads have been reversed to provide
tensile pre-loads. In the first step of the analyses, ends
of the chord are pre-loaded. Axial tensile brace loads
have then been applied in the second step. The second
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Figure 19. Effect of tensile preload on ultimate capacity.

Figure 20. Effect of compressive chord preload on ultimate
capacity.

step of the analyses maintains the chord axial loads
specified in the first step.
Analyses for preload moments in the chord as a

factor of plasticmoment capacitieswere carried out for
test T3. Factored moments of 0.1Mp, 0.2 Mp, 0.4 Mp

and 0,6 Mp was used. These moments result in tensile
stresses at the brace footprint. Load displacement plots
for T2 under tensile or compressive chord stresses and
T3 for chordmoments are shown in Figs. 19, 20 and 21.
A plot of chord load effect Qf as predicted by

Wardiener et al. (2010) and as simulated using FEA is
provided in Figure 22. In order to verify if proportional
loading made a difference to Qf, in test T2 simula-
tions chord loads and brace tensile loads have been
applied in a single load event. Qf at 3% deflection
and ultimate load limits were derived for a range of
compressive chord loads. The results are found to be
very similar to the previously simulated dual step load
events. These results are also provided in Figure 22.

Figure 21. Effect of chord moment on ultimate capacity.

Figure 22. Comparison of parametric chord load effect: FE
analyses to current design.

A comparison between design capacity estimates
with factored, un-factored loads and FEA predicted
values is provided in Figs. 23 and 24. The differ-
ences between results obtained for test T2 and cur rent
design equations were minimal. Since tensile loads
tend to produce larger capacities than compressive
brace loads, the direction of load in this model was
reversed. These results are reported in section 4.2.

4 COMPRESSIVE BRACE LOADS

Results for FE joint models representing tests T1,
T4 are provided in Figure 25 for lower and higher
order elements. It was found that adaptive meshing
is required in order to simulate large displacement
response for the selected mesh. The lower order ele-
ments used for the purposes of analyses however gave
increased loads due to larger stiffness and is as shown
in Figure 26. Results for FE joint representing X9
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Figure 23. Comparison of parametric FE design capacity to
current design for un-factored material properties.

Figure 24. Comparison of parametric FE design capacity to
current design for the factored material properties.

is provided in Figure 27. All simulations reported in
these figures have weld foot prints which are smaller
than those adopted in the experimental tests; larger
weld footprint gave higher ultimate load. In general
FE results correlated well with experimental tests
with respect to load-displacement behavior, stiffness,
failure loads and failure modes.

4.1 Influence of chord loads on ultimate load
capacity

Parametric variations for the model representing X9
joint was studied for compressive and tensile preloads.
Results from FE simulations are found to exceed joint
capacities for current design rules with and without
additional correction factor of 0.9 and is as shown in
Figure 28.

Figure 25. Load Displacement Response at the chord to
brace interface for T type joint under compression: FE vs.
Experimental.

Figure 26. Load Displacement Response at the chord to
brace interface for T type joint under compression: FE
hex8 vs. FE adaptive mesh.

Loads in previously benchmarked results for ten-
sile test T2 were reversed and the joint was studied for
compressive loads with and without chord preloads.
The load displacement curve is provided in Figure 29
and a comparison between tensile and compressive
brace loads is provided in Figure 30. In this scenario,
the current design estimates for both factored and
unfactored design was found to be inadequate. Fur-
ther analyses to verify a range of parameters β, τ and
γ is currently being conducted.
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Figure 27. Load Displacement Response at the chord to
brace interface for X9 type joint under compression: FE vs.
Experimental.

Figure 28. Comparison of parametric FE design capacity
under compressive brace load and axial chord load.

5 CONCLUSION

5.1 Analyses parameters

Finite element models of six T and X type labora-
tory joints have been created and analysed usingMSC.
Marc software.Various parameters in the analysis have
been investigated as part of benchmarking against each
experimental results; these include load displacement
response,maximum load, 3%deformation load, failure
and initial fracture location. The following parameters
are found to correlate with the measured response:

• Elements are 20 noded hexahedral elements
• von Mises yield criterion with kinematic hardening
rules

• Arc length method using modified Riks-Ramm
technique.

• A hybrid mesh, replacing the numerically intensive
20 noded bricks with shell elements away from the
joint interface, has showed promising results.

Figure 29. Comparison of parametric FE design capacity
for compressive and tensile brace loads with compressive
chord loads.

Figure 30. Comparison of parametric FE design capacity
for tensile/compressive brace loads to current design rules.

• Fracture prediction through Lemaitre damage
criterion.

5.2 Joint capacity

The capacity predictions for T, X joints with and with-
out axial chord loads have been found to be in general
larger than those calculated without the application
of additional correction factor of 0.9 for c450 grade
steel required by the current design rules. However
parametric simulation studies of tensile test T2 with
β of 0.38 and chord to wall slenderness ratio of 35,
as converted to a compressive connection gave lower
capacities. Simulated results as compared to the cal-
culated capacities with the additional correction factor
of 0.9 are also found to be lower when axial chord
loads are applied. Results reported for tensile tests are
for 6mm thickness sections. Further work is therefore
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currently being carried out for changes to parameters
of β, γ and τ.
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PREFERENCES, SYMBOLSAND UNITS

b0 = chord width
b1 = brace member width
d0 = chord diameter of CHS connection
h0 = chord depth
h1 = brace member depth
f0.01%= proportionality limit (0.01% proof stress)
fy = yield stress or 0.2% proof stress
fu = tensile strength
t0 = chord member thickness
t1 = brace member thickness
α= angle between the centre lines of the chord and the
brace members
β= b1/b0 = ratio of the brace member width to the
chord member width
γ = b0/2t0
�= elongation after fracture (%)
τ= t1/t0 = ratio of the brace member thickness to the
chord member thickness
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Measurements vs. estimation of nominal and local strain in a tubular
K-joint of a stinger
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Allseas Engineering, Delft, The Netherlands

ABSTRACT: This paper covers the comparison of estimated data and data obtained through real-time mea-
surements at a K-type tubular joint of a space frame, called a “stinger”, used as a support for a pipeline during
its installation on the seabed. Data used for comparison with the calculated strain range are obtained from sta-
tistical analysis of the measured nominal and local strain in the braces of the joint. It is shown that the statistical
distribution of strain ranges derived from the measurements is sometimes different from what is considered in
the fatigue analysis of stinger tubular joints, while the maximum strain ranges are still within the range of data
used for stinger design.

1 INTRODUCTION

A subsea pipeline for gas or oil transfer can be
installed on the seabed by different methods. One of
the installationmethods is called “S-lay”.This method
is characterizedbyhorizontal assemblyof a pipeline on
board of a specially designed pipe lay vessel. Step by
step, after an extra pipe joint is welded to the pipeline,
the vessel moves forward and the pipeline slides in the
sea in a form of “S” shape (see Fig. 1). More details
on the S-lay and other methods of pipeline installation
can be found elsewhere (Palmer, 2008).
A stinger is an indispensable part of the S-lay instal-

lation method, which supports and guides a pipeline
from the lay vessel to the seabed in a pre-designed
curvature. Usually it is constructed as a space frame
tubular structure. An example of a stinger section is
shown in Figure 2. Though the stinger structure might
resemble the structure of an offshore platform jacket or
a boom of a crane and other lifting equipment used in
harsh sea environments, the load pattern of the stinger
is quite different. An offshore crane boom is operated
above water, thus, no direct wave loads are applied
to it. Although an offshore platform jacket is con-
tinuously subjected to wave loads, there is no vessel
induced motion on the structure. Thus, its dynamic

Figure 1. Pipeline in S-lay configuration.

response will be quite different from that of a stinger.
It is expected that the methods of fatigue calcula-
tions widely used for cranes and offshore platforms
cannot be applied directly to a stinger structure, and
require further development. In order to understand the
dynamic behavior of the stinger, real-time strain mea-
surements were performed at one of the K-joints (see
the highlighted joint in Fig. 2). For non-operational (no
pipe lay) vessel activities the preliminary processed
data has been reported earlier (Ermolaeva et al. 2010).
This paper will focus on the measurements per-

formed in the pipe lay mode. The measurements will
be then comparedwith the estimated strain ranges used
for the fatigue analysis of the considered joint in the
stinger design phase. There are several possibilities to
validate the method used for fatigue estimation of the
joint, which are discussed in the paper:

– checking the assumed statistical distribution of
nominal and local stress ranges;

– direct comparison of nominal and local strain
ranges in calculations and measurements;

– derivation of local stress/strain ranges, based on the
equations used in fatigue calculations, and their
comparison with the local strain ranges obtained
through measurements.

Figure 2. Stinger section.
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2 FATIGUEASSESSMENT METHODOLOGY

2.1 General

Some aspects of a tubular joint fatigue resistance are
usually addressed as early as in a stinger design phase.
A designer chooses the ratio of geometry parameters
giving the lowest possible stress concentration fac-
tors (SCFs) at the intersection of braces and a chord.
For example, a fatigue friendly connection will be
with a smaller chord radius over wall thickness ratio
(γ) and with a smaller brace over chord wall thick-
ness ratio (τ) for specific nominal stresses in the
chord and the braces. The effect of geometry param-
eters has been investigated by many researchers and
implemented into different design guides and rec-
ommendations (Wardenier, 2001; DNV, 2008). When
the static design of the stinger structure is ready, the
fatigue assessment of joints may be performed. As
mentioned earlier, the stinger structure is neither a
crane nor a jacket structure. That is why it does not
directly fall under recommendations for fatigue cal-
culations available for lifting appliances or offshore
units. However, a DNV approach for offshore steel
structures (DNV, 2008) for fatigue estimation of tubu-
lar joints can be used as the basis. The procedure is
outlined in the following Sections.

2.2 Sea environment conditions

A stinger, being an attachment to a vessel operating in
sea environment, is subject to loads originating from
sea waves and loads from a pipeline which it supports.
These loads are of stochastic nature and their statistics
follow the statistics of the sea state, which is specified
by a wave frequency spectrumwith a given significant
wave height, a representative frequency, a main (dom-
inant) propagation direction, and a spreading function.
In applications, the sea state is usually assumed to be
a stationary random process, i.e. with all its statistical
properties not varying with time.Three hours has been
introduced as a standard time between registrations of
sea states when measuring waves, but the period of
stationarity can range from half an hour to 10 hours
(DNV, 2007). The time interval, during which a pro-
cess can be considered stationary, is called a “short
term” period further on.
In offshore community it is accepted (DNV, 2007)

that in a short-term sea state the wave heights are
Rayleigh distributed. When the short terms are com-
bined in a longer time period and the assumption of
stationarity is not valid anymore the wave heights are
represented by a Weibull distribution function. The
same valid to short- and long-term distributions of a
response (stress range) in structures operating in sea
environment. If the short-term statistics do not com-
ply with the Rayleigh distribution function the process
is influenced by the non-linearity of the system and
should be treated as non-stationary.

2.3 Fatigue assessment procedure

Because the stinger is submerged during pipeline
installation and is above water in survival and transit

conditions, and, moreover, can be in different radius
configurations (in order to serve shallow to deep water
pipe-lay projects), the choices for relative duration of
one or another vessel activity should be made. For
this, the statistics and prognosis on pipe lay projects
for Allseas fleet experience is used. Based on these
choices, an operational profile of stinger usage and
life matrix are constructed, the latter is used further to
generate load cases. In combination with wave scatter
diagrams, the life matrix gives the number of cycles
for each of the load cases comprising a certain stinger
geometry (radius and position, up or down), wave
height, wave approach angle and frequency. In terms
accepted in the offshore community, the parameters
characterizing a sea state usually are: a significant
wave height (HS), wave heading (θ), and mean wave
zero crossing period (TZ).
In a stinger fatigue assessment, two typical pipe

laying projects are considered: in shallow and deep
water locations.The former is characterized by a larger
stinger radius, and the latter by a smaller one. The
stinger geometry configuration or stinger radius is a
composition of stinger sections at certain angles with
respect to each other that forms the required radius
for the pipe supported by the stinger during pipeline
installation.
Hydrodynamic (HD) analysis of a vessel with an

attached stinger structure is performed for a 3-hours
run in each sea state corresponding to the life matrix,
followed by a statistical analysis.Total force in 6 direc-
tions corresponding to the probability of exceedance
of 10−3 is determined. Afterwards, a choice is made
of time steps for further hydrodynamic runs and deter-
mination of nodal loads to be transferred to FEA
programs for structural analysis.
For operational load cases in addition to hydrody-

namic loads, loads from the pipeline sliding or lying
on the supporting roller boxes (RB loads) should be
considered. These loads are usually calculated from
roller box reaction forces based on one of the special
purpose pipe lay installation FEA programs, for the
load cases determined by the life matrix. This analysis
is dynamic and results are statistically processed as in
the case of HD loads.
Both types of loads (HD and RB) being transferred

as an input to FEA for further structural calculations
of stinger joints, correspond to the given probability
of exceedance (10−3). It is assumed therefore that the
stinger structural response follows the same statistical
distribution and corresponds to the same probability
as the input loads.
For the next step the calculations are split for tubular

connections and connections, reinforced with gusset
plates or other reinforcements. The former are cal-
culated based on member forces (axial load, in-plane
and out-of plane bending moments) and Efthymiou
equations (or other parametrical equations for SCF
estimation) for 16 points, 8 at the brace and 8 at the
chord sides, for each of the considered load cases. It
should be noted that because of the specifics of load
cases for stinger structure, a stinger tubular joint clas-
sification might be changed, that is why for each load
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case prior to application of one or another parametrical
equation for SCF calculation a certain check should be
made. For each location and each load case, a stress
range is calculated. Assuming that the determined
stress range corresponds to the certain probability
of exceedance of the supposed statistical distribu-
tion (Rayleigh), this distribution is reconstructed and
used further for fatigue damage calculation along with
corresponding S-N curve and Palmgren-Miner sum-
mation rule. The procedure is compiled into a number
of in-house developed computer programs including
interfaceswith several commercial software packages.

3 MEASUREMENTS

3.1 Measurement set-up

A K-joint at the top chord of a stinger section (see
Fig. 2) was equipped with a measuring system com-
prising strain gauges and four portable data loggers
of 2H Offshore1. The loggers allow a choice of inter-
mittent or continuous measurements, frequencies and
interval between measurement sessions within cer-
tain available frame, number of channels to be logged
etc. Duration of the measurements is limited by this
choice and by the capacity of the memory cards and
power supply batteries. Before installing the loggers
one should determine, using the dedicated software,
the measurement parameters and starting time of the
measurements (logging). After a measurement ses-
sion is over, and a vessel operation schedule allows
retrieving the memory cards, the data can be pro-
cessed further using calibration factors supplied along
with the data loggers.Themeasurements analyzed here
were performed in an intermittentmode (29minutes in
each half an hour) with a frequency of 10Hz. Because
therewas noway to calibrate a zeromeasurement, only
a dynamic strain (strain variation) was measured. This
is assumed to be sufficient for fatigue assumptions
validation.
Strain gauges were placed around the weld con-

nection of diagonal brace A of the considered K-joint
(Figs. 2 and 3) for local strain measurements as close
as possible to the weld toe and at about 1-m distance
from the weld on both braces, A and B (see Figs. 2
and 3) of the K-joint, to obtain nominal strain values.
The strain gauges nearby the weld were positioned on
the brace and the chord in a direction normal to the
weld and at a distance not greater than 6mm from
the weld toe. The numbering of the strain gauge loca-
tions along the intersection line is clockwise starting
from the crown toe in the direction of outside through
inside of the frame (see Fig. 3). The locations seen
on the chord inside the frame from left to right, are 1
(crown toe), 8, 7 (saddle), 6, 5 (crown heel). Points 2, 3
(saddle) and 4 are at the outside. Optional numbering
on the brace side is from 9 through 16. As throughout
the text the strain gauges IDs are used, their location is

1 Currently “Pulse Structural Monitoring Ltd”

Figure 3. Strain gauge locations shown from the inside the
frame.

Table 1. Strain gauge locations and IDs.

Chord Brace

Location in/outside No gauge ID No∗ gauge ID

crown toe – 1 G5 (9) E5
outside 2 F4 (10) D4

saddle outside 3 F3 (11) D3
outside 4 F2 (12) –

crown heel – 5 F1 (13) –
inside 6 – (14) –

saddle inside 7 – (15) E7
inside 8 – (16) E6

*Optional numbering.

listed inTable 1. Only those gauges that are considered
to provide reliable data are given.

3.2 Stinger loading conditions

In the fatigue assessment of stinger joints, the loading
conditions are typically summarized in a life matrix.
Each cell of the life matrix corresponds to a certain
combination of a loading condition (stinger geometry
and position, and a sea state) and a number of occur-
rences of this condition during a stinger design life.
As described in Section 2.3, for a particular sea state
a combination of wave height, HS, wave period, TZ,
and wave heading, θ, is implied. In the strain mea-
surement sessions, HS, TZ, wave direction and vessel
heading were obtained from a wave radar system and
the vessel main data logger. The wave approaching
angle (wave heading, θ) was calculated from the main
wave direction and vessel position (vessel heading).
A series of 15 half-hour terms in the same day was

chosen for further data processing,with themeanvalue
ofHS in the range of 2.2–3.1meters,TZ being 7.9–8.9 s
and thewave heading in between 79◦ and 90◦.The vari-
ation of the weather parameters above is considered to
be consistent with rather stable sea conditions.
Stinger position in measurements was down (sub-

merged) in a pipe lay radius. A pipe lay project during
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the measurements was in shallow waters and with a
shorter stinger than had been used in fatigue estima-
tions, later referred to as “short” and “long” stinger,
respectively. This distinction is important in the com-
parison analysis because for the longer stinger the
hydrodynamic loads are higher than for the shorter
one, due to the following reasons: (a) the center
of gravity of the longer stinger is farther from the
center of gravity of the vessel than for the shorter
one; and (b) the longer stinger with the extra stinger
section(s) results in extra weight and consequently
extra hydrodynamic load. Theoretical background on
hydrodynamic loads for offshore structures can be
found elsewhere (Journeé & Massie, 2001).

4 DATA PROCESSING

4.1 General

Data processing starts with screening the logged data
for bad sectors and their elimination from the data
analysis. This operation typically reduces the mea-
surement interval from 29 to 26 minutes. Slow drift
removal andband-pass filtering are the next steps.Dur-
ing the data processing analysis it was concluded that
the resolution of the strain gauges is 8.15 microstrain
(8.15× 10−6). This means that a variation of mea-
sured strain close to this value will not give a reliable
statistical distribution, and can be considered as cor-
responding to a cut-off frequency in a high frequency
range.
Examples of an original and filtered signal are given

in Figures 4 and 5, respectively. The latter is ready for
processing for cycle counting. The rainflow counting
method (Matsuishi & Endo, 1968) is applied further
for the derivation of the strain range cycles.
The analysis of the strain ranges showed that the

maximum recorded value is small enough to accept a
linearity between the strain and stress ranges. There-
fore, all conclusions resulted from the measurements
for the strain ranges are valid for stress ranges as well.

4.2 Statistical analysis

The strain ranges in every strain gauge location and
in each of the measurement terms were analyzed with
respect to statistical distribution. Both Rayleigh and
Weibull distributions were considered. The Rayleigh
probability density function (pdf) can be presented as
follows,

where σ > 0 is the mode parameter.
While Weibull pdf is given by the following (two-

parametrical) equation

Figure 4. Half an hour original signal example, with a
zoom-in of part in the insert.

Figure 5. Filtered signal of the original in Figure 4, with a
zoom-in of part in the insert.

where h> 0 is the shape parameter and λ> 0 is the
scale parameter of the distribution.
It is seen that the Rayleigh distribution can be rep-

resented also by Equation 2, if the shape parameter is
h= 2.
The statistical hypothesis (i.e. an acceptability of

an assumed statistical distribution) is checked further
using theChi-square (χ2) criterion. Formore details on
statistical distributions and their acceptance the reader
is referred to handbooks on statistics.
The strain range cycles (observations) resulting

from the measurements were fitted to both the
Rayleigh and Weibull probability density functions.
An example of the fitting is given in Figure 6 where
the observed data is shown as a histogramvs. a theoret-
ical distribution. Certain statistical value of the strain
range, corresponding to a probability of exceedance
equal to 10−3, was derived from the corresponding
distribution. This statistical value is of importance
here for comparison purposes, because in the fatigue
calculation procedure it is used for reconstruction
of (local) stress ranges in the Rayleigh distribution
before the fatigue damage can be calculated. Using
the value derived from the nominal strain measure-
ments, a separation of the strain range corresponding
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Figure 6. An example of the fitting of the strain range cycles
(observations) in a half-hour measurement term in the (a)
Rayleigh and (b) Weibull distributions. Bars correspond to
the measured data and form a histogram, lines – to theo-
retical distribution. Arrows point at the strain range value
corresponding to the 10−3 probability of exceedance.

to different member forces (axial load, in-plane and
out-of-plane bendingmoment) was performed, for fur-
ther comparison with nominal load conditions applied
in calculations.

5 RESULTSAND DISCUSSION

5.1 Weibull vs. Rayleigh

Both nominal and local strain ranges resulting from
the measurements were checked for statistical distri-
bution. It appeared that the observed nominal strain
ranges in both braces can be fitted with Rayleigh
distribution.The significance valuewithwhich the sta-
tistical hypothesis is accepted following a χ2-criterion
is reasonably high, being in between 0.015 and 0.202
as averaged per strain gauge. It should be noted that for
engineering application a 0.05 significance threshold
is normally accepted, the higher the value the better the
fit. By loosening the criterion the significance thresh-
old for statistical hypothesis acceptance/rejection is
lowered, as well as the quality of fitting.
The local (near the weld toe) strain ranges, result-

ing from the measurements, correspond mostly to the
Weibull distribution with different parameters of h,
see Table 2. It should be noted that the measurement
data of the outside locations (F2, F3, F4) has a shape
parameter close to unity (h= 0.9…1.4). The data of
the inside locations (E6, E7) is fitted with h ≥2, while
the shape parameter for the crown toe locations (E5,

Table 2. Weibull shape parameter for local strain ranges.

Term D3 D4 E5 E6 E7 F1 F2 F3 F4 G5

1 1.0 1.0 1.4 2.0 2.1 1.3 1.2 1.3 1.2 1.7
2 1.0 1.1 1.0 2.0 2.1 1.3 1.2 1.4 1.4 1.4
3 1.0 1.0 1.0 2.0 2.1 1.4 1.3 1.4 1.3 1.3
4 1.0 1.0 1.6 2.0 2.1 1.3 1.3 1.3 1.3 1.8
5 1.0 1.1 1.6 2.0 2.2 1.3 1.2 1.3 1.3 1.8
6 1.1 1.1 1.7 2.1 2.3 1.3 1.4 1.3 1.3 1.3
7 1.1 1.2 1.7 2.2 2.4 1.4 1.4 1.4 1.4 0.8
8 1.2 1.2 1.5 2.1 2.3 1.3 1.4 1.4 1.3 0.7
9 1.1 1.2 1.3 2.1 2.4 1.4 1.4 1.4 1.4 1.1
10 1.1 1.2 1.6 2.3 2.5 1.3 1.4 1.4 1.3 1.1
11 1.1 1.2 1.7 2.3 2.7 1.3 1.3 1.4 1.3 1.2
12 1.2 1.3 1.7 2.2 2.5 1.4 1.4 1.4 1.4 1.3
13 1.1 1.1 0.9 2.4 2.5 1.3 1.3 1.3 1.3 2.0
14 1.2 1.2 0.9 2.4 2.6 1.3 1.4 1.4 1.4 1.8
15 1.1 1.1 0.9 2.4 2.4 1.1 1.2 1.2 1.1 1.5

G5), though being lower than 2, shows a variation
in tendency between the Rayleigh and Weibull dis-
tributions. The corresponding significance (averaged
throughmeasurement termsper gauge) of theRayleigh
distribution hypothesis acceptance at inside locations
is 0.016 and 0.069. For data of other local strain gauges
the Weibull distribution fitting is accepted with the
significance value in between 0.016 and 0.516, except
for outside gauges D3 and D4, where very poor fit-
ting is observed. The reason behind that is yet to be
investigated and is outside the scope of this paper.

5.2 Hydrodynamic and pipe load components

As described above, the total load on a stinger consists
of two major components: hydrodynamic (HD) and
pipe (or roller box) load (RB). In order to approach bet-
ter comparison between the measured and estimated
data, the RB and HD load ratio is demonstrated here
based on intermediate results in stinger fatigue assess-
ment for a shallow water project. Local stress ranges
in both braces, A and B, at 90◦ wave heading with-
out wave spreading are considered. It appeared that
the local stress ranges RB/HD ratio is 0.56 and 0.67
for braces A and B, respectively. This means that the
vertical brace (B) is more influenced by pipe load than
diagonal brace (A) and that the pipe load component
is roughly half the hydrodynamic component, at least
for a considered wave heading, stinger configuration
and typical shallowwater pipe lay project.An example
of the load components contribution to the total load
is shown in Figure 7 for brace A.

5.3 Wave spreading effect

The data obtained from measurements is influenced
by wave spreading, naturally inherent in the sea envi-
ronment. In the fatigue estimation wave spreading is
accounted for, and the effect thereof is shown here for
the consideredK-joint.The effect ofwave spreadingon
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Figure 7. HD and RB load contributions to the local stress
ranges of brace A. Positions 1 and 9 are crown toe, 3, 7, 11
and 15 – saddle, 5 and 13 – crown heel; 1 thru 8 is chord side,
9 thru 16 – brace side.

Figure 8. Wave spreading effect around the mean value of
90◦ for the stress ranges along the intersection line. Positions
1 thru 16 see in Figures 3 and 7, and Table 1.

both braces weld toes locations, along the intersection
line for a 90◦ wave heading, is given in Figure 8.
The effect is presented here by the ratio of estimated

stress ranges, with wave spreading and without wave
spreading, in the sea state of HS = 1m and TZ = 8.5 s.
For the considered locations the effect is not the same.
It is seen that the vertical brace (B) is more influenced
by wave spreading, while for the diagonal brace (A)
the wave spreading effect can be averaged along the
intersection line giving a value of approximately 1.3.
This means that for the certain wave heading (90◦)
considered here, accounting for the wave spreading
effect increases the estimated local stress ranges for
the diagonal brace by 30% on average. Other main
wave headings might have another ratio. It should be
also noted that this effect is highly dependent on vessel
dynamics, and cannot be directly applied to a stinger
at other pipe layers. It is demonstrated here only for
the purpose of further comparison with measurement
data.

5.4 Comparison with estimated values

For a comparison of the measured and estimated
data, the following data were available from a fatigue
estimation routine for a typical shallow water pipe
lay project and a stinger in full design length
(long stinger): combined (hydrodynamic and pipe)
load, θ= 90◦ with wave spreading, HS = 2.5m and
TZ = 8.5 s.Additional calculations were performed for

Figure 9. Comparison of estimated and measured nominal
strain ranges in braceA represented by the components from
member forces.

Figure 10. Comparison of estimated andmeasured nominal
strain ranges in brace B represented by the components from
member forces.

the stinger in the configuration of the pipe lay project
at the time of the measurements (short stinger), how-
ever, due to time limitations, this was only done for
the hydrodynamic load component, 90◦ wave heading
without wave spreading, and the same HS and TZ as
above.Assuming that the effect of wave spreading and
the RB load component is the same as for the long
stinger, the stress ranges obtained for the short stinger
were increased by 30% for wave spreading effect and
by 56% and 67% for the RB load contribution. Both
effects are shown in previous sections for bracesA and
B considered here.
Nominal strain ranges from axial force (FAX),

in-plane (MIP) and out-of-plane (MOP) bending
moments in bracesA and B are shown in Figures 9 and
10, respectively. Data from both estimates (long and
short stinger configurations) are given in comparison
with the range of statistical values reconstructed from
the measured data. Rayleigh min and max values in
Figures 9 and 10 refer to the minimum and maximum
of the statistical strain range values over the considered
measurement terms. It is seen that all nominal strain
components are lower than those estimated in both
short and long stingers, except for out-of plane bend-
ing moment strain in brace A, and in-plane bending
moment strain in brace B. In brace A the out-of-plane
bending moment nominal strain component is higher
than that used for fatigue assessment (long stinger).
However considering that it is very small, being at the
resolution limit of the strain gauges this component
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Figure 11. Comparison of local strain ranges at brace A
used for fatigue analysis with measured values (represented
by different distributions), for locations 1 thru 16 in Figures 3
and 7, and Table 1.

will not affect the total strain value much. In brace B,
the maximum value of the in-plane bending moment
nominal strain component appeared to be slightly
higher than estimated for the short stinger, most prob-
ably indicating that one or both of the assumptions
speculated in the above (wave spreading and RB load
effect)might be inaccurate. It should be noted however
that the value is far smaller than those taken in fatigue
assessment of the joint (long stinger).
A local strain ranges comparison for braceA is given

in Figure 11. Rayleigh/Weibull min and max values
in Figure 11 refer to the minimum and maximum of
the corresponding statistical strain range values, over
the consideredmeasurement terms. From the available
measurement data it is seen that a wider data spread-
ing corresponds to the crown toe point. It is seen that
whatever distribution is chosen for data fitting,most of
the measured strain ranges are lower than those taken
for fatigue estimation, at the considered locations at
the weld toes. The only exception is observed in one
measurement term (the terms are not distinguished in
Figure 11), where the statistical strain range value cor-
responding to Weibull distribution at the crown toe
chord side location (point 1 in Fig. 11) is twice as high
as the estimated strain range used in the joint fatigue
assessment. The only difference with other measured
data is the lowest shape parameter value (h= 0.65),
see term 8 and strain gauge G5 in Table 2. In order to
figure out the reason for the exception, more informa-
tion is necessary on vessel movements, which is not
available at the moment.
Using the measured nominal strain ranges, the

ranges of axial force, in-plane bending moment and
out-of-plane bending moment for braces A and B,
in their statistical representation, were re-constructed.
From these forces and using the parametrical equa-
tions for SCFs in an unbalanced K-joint, the local
strain ranges were calculated and compared with the
measured local strain ranges (Fig. 12). From such a
comparison one can evaluate if the procedure used for
local stress calculation in fatigue assessment corre-
sponds to reality. It seems that, for most of the points
along the weld, the method is conservative. However,

Figure 12. Comparison of local strain ranges estimated
from nominal measured values in brace A with local strain
ranges from measurements represented by Weibull distribu-
tion, for locations 1 thru 16 see in Figures 3 and 7, and
Table 1.

this conclusion might not be the same for the crown
toe on both the chord and brace sides, and for out-
side locations on the brace side. It should be noted
that for those locations the poorest fit occurred, and
the number of cycles from the Rainflow procedure
was about twice as high as in other locations. This
means that there is some other effect on the local
strain, in addition to strain rise because of the struc-
tural SCFs. This effect is not traceable in the available
data and, in order to be resolved, more measurements
need to be done.

6 SUMMARYAND CONCLUSIONS

Measurements of the strain from a K-joint in a stinger
structure, during a shallowwater pipe lay project, have
been analyzed herein and compared with the esti-
mated data from fatigue analysis for environmental
conditions applicable during the measurement period.
On the basis of estimated stress ranges, the contri-
butions of hydrodynamic and pipe load components
to local stress range are shown, as well as the effect
of wave spreading around the considered main wave
heading, in a representative shallow water project for
a particular pipe lay vessel.
The measured data was statistically processed and

fitted by Rayleigh and Weibull distributions. It was
seen that a Rayleigh distribution can be considered
acceptable for nominal strain range, while measure-
ments at locations near the weld toes showed a ten-
dency to Weibull distribution. The strain ranges used
in the comparison analysis were based on the sta-
tistical values corresponding to 10−3 probability of
exceedance, and only for those locations for which the
measurement data was available.
Nominal strain ranges appear to be generally lower

than those used in the fatigue assessment, except for
out-of-plane bending moment strain ranges in brace
A. Considering that the measured values of this strain
range are on the resolution limit of the strain gauges,
and their contribution to the total strain is marginal
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in comparison with axial force and in-plane bend-
ing moment strains, this difference can be considered
negligible. In a comparison of nominal strain ranges
in brace B, the measured in-plane bending moment
strain range is slightly higher than the estimated value.
It should be noted that the calculated values were
obtained under the assumptions for a pipeline load
(RB) contribution corresponding to a longer stinger,
heavier pipe andmuch larger water depth, whichmade
the load conditions in the estimation more severe than
during the measurements. In addition, the measured
value is far smaller than those taken in the fatigue
assessment of the joint (long stinger). Therefore, there
is confidence in the conclusion derived for nominal
stresses and strains in both braces: themeasured values
are lower than calculated strain ranges.
The statistically processed measured data at local

points was directly compared with the corresponding
strain range values used in the stinger joint fatigue
estimation. The measured strain ranges appeared to be
generally below the estimated values, except for the
crown toe chord side location in one of the measure-
ment intervals, which needs further investigation.
In order to evaluate the procedure accepted for esti-

mation of local stresses based on member forces and
corresponding (parametrical) SCFs, the local stresses
at the weld toes were calculated following this proce-
dure using the measured nominal strain ranges at both
braces. It appeared that the procedure is conservative
formost of the locations nearby theweld, except for the
crown toe and close to the crown toe outside locations
on the brace side. At these points the measured values
are higher than estimated from nominal measured val-
ues. It is suggested that there is some unaccounted for
(local) effect at these gauge positions.That is, however,
not possible to trace in the available data.

To conclude:

– statistical distribution of stress/strain ranges may
not be necessarily Rayleigh and the effect of the
distribution on estimated fatigue damage has to be
further investigated;

– nominal measured strain ranges are within the
expected range, at least for the sea conditions
encountered during the measurements;

– local strain ranges measured at some locations are
higher than those used in the fatigue assessment
and more measurements are advised for further
validation of the fatigue damage estimation proce-
dure, in different sea states and vessel operational
conditions.
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ABSTRACT: Offshore oil industry is a large user of steel structures. In particular the structure supporting the
equipment is very often built as a space frame steel structure currently called jacket.
Those structures, located offshore, are subjected to the static load from the equipment placed on the deck and

the repetitive action of the environment loadings, also the wind, the current and the waves.
Frigg field is a gas field located in the North Sea and operated by Total. The platforms have been installed in

the early 70’s and after 30 year exploitation the field has been closed in 2004 and the platforms removed.
In the case of steel structures such as the jackets, it gives the opportunity to study the damages and the

alteration of the material after it has been exposed to real loads for a long time.
The investigations focus into three aspects:

1. Inspection: Comparison between the inspection performed in situ (Offshore under water), the non destructive
testing performed onshore and the destructive test.

2. Analysis method: Comparison between calculated hot spot damages and findings.
3. Material: Testing of the material: strength, residual fatigue of joints, toughness and comparison with the
original data.

The test program has been finalized and a total overview of the findings is presented in this paper.
Conclusive remarks and lessons learned regardingwelding quality related to inspection,material deteriorations

and fatigue will be presented.

1 INTRODUCTION

The Frigg field has been decommissioned in the years
2004 to 2009.
The three jackets which were part of the field

development have been brought to shore at the Stord
Yard on the west coast of Norway.
A study of those structures has been initiated by

Total and awarded to FORCE Technology.
The aim of the study is to learn about the effects

on the structure and its components of the wave action
during the life of the platforms.
During the service time of the platforms the steel

components have been subject to repetitive loadings,
and high stresses at the hotspots. Inspection and testing
of those components may give information on the long
term behaviour of the steel material and also an indi-
cation of the suitability of the design and fabrication
rules.
Selected nodes of the jackets have been inspected

visually and by NDT methods. Some pieces of those
nodes have been cut out and inspected further in
laboratory.

2 DESCRIPTION OF JACKETS

Aview of the Frigg field is shown in figure 1.The field
has been installed in the early 70’s and dismantled in
the last years.The last items have been shipped to shore
summer 2009.
The DP1, DP2 and QP jackets were situated on

the Norwegian continental shelf of the North Sea in
the Frigg Field. The platforms were used for drilling,
treatment of gas and condensates and living quarter.
The jacket DP1 (Figure 2) was installed in 1975.
During the launching operation some of the buoy-

ancy tank collapsed and the jacket touch the ground
leading to severe damages. The jacket was never piled
and used. It has been resting vertically on the sea
bottom in 35 years.
The jacket DP2 (figure 3) was installed 2 years

later as a replacement for the DP1.
The design has been slightly modified compared to

the one used in DP1: X braces on the sides have been
changed to V braces.
Note that the conductor frames arrangement has

been kept almost identical. Large cracks have been
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Figure 1. View of Frigg field.

Figure 2. General layout drawing of DP1 jacket.

found quite early after installation in two nodes
connecting the frame to the main steel at the first
level under the sea surface.Those two nodes have been
repaired by grouted clamps. After this repair no fur-
ther cracking in this area has been observed. Also it
appears that the fatigue damage has been reduced after
the installation of the conductors.
The QP jacket (Figure 3) is supporting the liv-

ing quarter. It is a lighter structure supporting fewer
appurtenances.

Figure 3. General layout drawing of DP2 jacket.

Table 1. Key figures of the Jackets.

DP1 DP2 QP

Weight 6480 t 8000 t 3800 t

Water 104m 100m 104m

depth

Top 48m× 25m 47.8m× 24.8m 26.6m× 26.6m
Dimension

Bottom 61.6m× 43.3m 61.9m× 43.7m 54.8m× 54.8m
Dimension

However some nodes have a relatively complex
geometry with unusual small angles between the
incoming braces which may lead to fatigue damage.
Table 1 presents the key figures of the jackets.
More detailed information is given in reference 1.
The red circles and arrows indicate the locations of

the selected nodes.
DP1: two corner nodes just below the sea level.
DP2: one corner node, one on launch frame and two

nodes repaired with grout.
QP: two corner nodes, one T node, oneV-node, one

complex node at launch frame.
Pictures 5 (a to d) show some of the selected nodes.

3 INSPECTION

Both visual inspection and NDT with Eddy current
test have been performed.

3.1 Visual inspection

All available material on the nodes has been visual
inspected with special focus on welds and HAZ.
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Figure 4. Iso view of QP Jacket.

Figure 5a. Nodes DP1.

Corrosion and pitting where observed on several
external and internal welds.
The nodes have been stored onshore outdoor for

several months; corrosion may have started or
increased during this time.
Example of corroded welds can be seen on photo

Figure 6.
The visual inspection shows some bad workman-

ship as shown in figure 7(a,b,c).

Figure 5b. Repaired node DP2.

Figure 5c. Complexe joint QP.

Figure 5d. Launch frame node DP2.

3.2 Eddy current inspection

All available welds were manually scanned with use
of Locator II Eddy Current digital equipment together
with standard welding probe and standard Hocking
Steel Calibration block.
In addition to thewelds theHAZandparentmaterial

5 cm to each side of weld where also included in this
Eddy Current Inspection.
The inspection of the DP2 nodes has revealed one

300 mm long crack in the launch node. For the grout
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Figure 6. Details of weld corrosion DP1 Jacket.

Figure 7a. Use of electrode wires in the welding groove.

Figure 7b. Undercut and pitting.

Figure 7c. Hanging root.

Figure 8. Crack in the grout repair node: no indication of
growth since reparation.

repaired nodes, the cracks identified previously seem
not to have grown (See picture 8).
For the QP platform cracks have been found only in

the corner node: 45 mm long crack indication between
plate and upper run of weld and 20 mm long crack
indication between weld and base metal. The locations
are related to secondary member connections: sharp
angle brace to launch frame and connection of a pile
guide.

3.3 Wall thickness measuring

All parts of the structure wall thickness measurement
where carried out using Krautkramer USM35 digital
equipment together with single crystal probe and steel
step wedge calibration block.
This measurement was done to verify and compare

design drawings with installed steel plates.
In general the wall thicknesses were larger than the

nominal from drawing, in a range of 5% to 10%.

4 DESTRUCTIVE TESTING

Macro-section examination, microstructure examina-
tion, tensile strength, impact testing, hysteresis test-
ing and fatigue tests have been performed by Force
Technology laboratory in Denmark.
The following tests have been performed:

• Tensile tests: 16
• Charpy tests: 9
• Cross section examination: 14
• Micro structure examination: 3
• Chemistry: 1
• Hysteresis tests: 5
• Fatigue test: 6
• Bolt pretension: 4

4.1 Macro-section examination

The aim of this destructive test is to evaluate the weld
quality and especially at the root. The majority of
the weld performed in the 3 jackets are one sided.
Exceptions are the main nodes on the launch frame
in DP2.
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Figure 9a. Macro-section.

Figure 9b. Macro sample at position B3.

Figure 9c. Macro sample.

The macro-sections have been selected at hot spot
locations and where the geometry was difficult: shape
angles, thick plate thickness, overlap or connections
of three braces.
The investigation does not reveal significant differ-

ences between the three jackets.
Thewelds show a lot of defect especially at the root:

lack of fusion, pores, and inclusions.
However none of the observed defects has lead to

fatigue damage crack.
Some examples of macro-sections are reproduced

in the followings pictures 9 (a to e).

Figure 9d. Macro sample.

Figure 9e. Macro-section.

Figure 10. Tensile test, strength.

4.2 Material tensile test

The aim of those tests series is to investigate a potential
alteration of the mechanical properties of the steel due
to repetitive loading and local stress above yielding.
The coupons have been selected from different

nodes at hot spot locations in the parent material and
in the weld. The results are shown in figure 10.
The elongation of the specimens is presented in

figure 11.
From those tests the following remarks may be

done:

1. The tensile tests shows good consistency through
all type of geometry and structures

2. Thematerial tested is in accordancewith a 355MPA
steel quality.
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Figure 11. Tensile test, elongation.

Figure 12. Charpy test.

3. The weld material shows an higher strength com-
pared to parent material.

4. No alteration of the strength of the material can be
noted

5. The elongation of the material is above 24%: also
no or insignificant effect of the repetitive loading
and local yielding of the material.

4.3 Charpy test

The Charpy value has been measured for the parent
material, the parent material at hot spot locations and
for the welded material.
All tests have been performed at −40◦C. All given

value is an average of 3 tested coupons.
The results show a larger scatter compared to the

tensile test results.
The tests in weld material are the tests items 23, 28

and 31. Those values are not different from the others.
The test item 3 is from jacket DP1. The test items

23, 25 and 31 are from DP2. Those two jackets were
fabricated at the same yard. The results of those tests
are consistent and vary from 100 J to 158 J: also very
good values.
However the low value from items 13, 14 and 28,

are from the QP which was fabricated at a different
yard.
It may therefore be concluded that the variation and

the scatter of the results are due to different fabrication
procedure for the welding.

Table 2. Results from hysteresis tests.

4.4 Hysteresis test

Hysteresis testing has been performed for 4 nodes at
5 locations. Three tests have been performed in the
weld material and two in the parent material adjacent.
The tests have been performed as follow:

1. Coupons have been stretch to 7 % elongation
2. The force has been released.
3. 7% elongation has been repeated 10 times
4. The reminding plastic elongation has been
measured.

The coupons have been selected from locations
where welds are difficult and are subjected to high
stresses during the life of the structures. Therefore
they are the most promising to reveal any effect on
the material.
It is to be noted that no one of the coupons did brake

during the test.
No sign of aging for the material may be shown.

4.5 Fatigue test

The coupons have been selected at the same locations
that the one for the hysteresis tests.
Two of the tests have been stopped before brake of

the specimens. The stress range used in the tests was
therefore increased to 300MPa.
In the figure 13 the results are compared with the

SN curves B1 (140) and B2 (160). Those curves are
considered the most representative since it was not
possible to perform fatigue test for a nodes or for a
welded detail.
The results of the tests confirm that the fatigue

behavior of the material is not changed during the life
time of the platform.

4.6 Measurement of bolt pretension

An interesting issue is to establish if the pre-tension
of the bolts closing the clamps is still unchanged after
25 years in service.The adopted procedurewas tomea-
sure the variation of strain when the bolts are cut by
a torch. However this will induce warm in the mate-
rial and may damage the strain gauges. In addition the
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Figure 13. Comparison of fatigue results with SN curves.

Figure 14. Pre-tension release test on bolts in clamp.

release of the pre-tension force may be sudden and
cause damages.
Therefore the procedure was carefully established

and a gentile and slow cut operation was adopted.
Six bolts were instrumented. Of those six, four did

succeed and gave reliable and consistent results.
The graphs in figure 14 show the output of the

measurement.
It appears that the measured pretension is about

60 to 40%of the yield of the bolts.This value is slightly
less than the standard pre-tension value of 60%. This
relatively low pre-tension may be due to the repetitive
loading on the structure or due to incorrect installation.

5 CONCLUSION

From the investigation performed during this cam-
paign some general finding may be done.
The inspection of the nodes at shore did not reveal

major cracks which were not identified during the off-
shore inspection: Only one long crack was identified
in addition to some minor indications.
From the inspection and the macro-sections it

may be stated that the fabrication quality does vary

significantly between the tree structures and between
the locations. Many of the macro-sections shows
undercut at the root of the weld together with inclu-
sions, pores and lack of fusion.
In the contrary the toes of thewelds have been found

to be well executed.
The weld type used has been mostly one sided.

However at critical locations as for example the diago-
nals welds to leg of node DP2 double sided welds have
been performed.
No one of the specimen investigated shows any

sign of fatigue damage crack, even at fatigue sensitive
locations with very bad workmanship.
Thematerial has been identified to be in accordance

to the fabrication specification. Further toughness,
yield and ultimate strength have been tested in parent
material and in the weld material to identify a possible
deterioration of the mechanical properties.
All specimens have shown a high toughness, and

the tensile tests are identical to a new material. No
sign of effect of successive yielding on the specimens
was found.
Finally the resistance to repetitive loadings has been

checked.
Hysteresis test consists of ten cycles of 7%

elongation of a specimen. The remaining permanent
strain of the specimen was measured to be maximum
0.5%. But no specimen did fail.
Fatigue test has been performed on material taken

in hot spot zone of the nodes. The number of cycles
to failure has been compared to the SN curve for non
welded material. The results show values above this
curve.
From the tests it may be concluded that the material

has not change its ability to support cyclic loading.
The main conclusion of this study is that the mate-

rial and the status of the structure are in general as
expected. No fatigue crack has started from the weld
root even when the geometry of the weld root was
very bad.
The material may still be subjected to large elonga-

tion in the plastic range in as welded condition.
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Structural performance of TS590 high-strength steel welded
tubular joints under extreme bending loading
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ABSTRACT: The present work examines the behavior of welded tubular connections made of high- strength
steel and subjected to extreme loading conditions focusing on their low-cycle fatigue performance and high-
lighting the benefits of using high strength steel in structural tube applications.An experimental investigation of
tubular X-joints made of high-strength steel is presented first. Experimental testing has been designed in order
to examine the joint’s behavior under out-of-plane monotonic and cyclic loads in loading levels exceeding the
elastic limit of the joint. The second part of the work is numerical aimed at simulating numerically the experi-
ments through a detailed finite element model in ABAQUS. The overall joint behavior and local phenomena at
the weld toe are simulated and the numerical results are compared with the experimental measurements. Special
attention is given on the evaluation of stress and strain fields at the connection “hot-spot” locations, which are
compared with the values found in the literature. The results of this research effort are aimed at proposing static
and low-cycle fatigue design methodologies for welded tubular connections made of high-strength steel.

1 INTRODUCTION

The present work examines the behavior of welded
tubular connections made of high-strength steel, sub-
jected to extreme loading conditions with emphasis on
their low-cycle fatigue performance. It is part of a large
European research effort on the structural behavior of
tubular structures made of high-strength steel (grade
equal or higher than 590MPa).
The benefits of using high-strength steel on the

static strength of welded tubular joints have been
reported in a HSE report (HSE, 2004) through a
JIP. Nevertheless, the fatigue performance of high-
strength steel tubular joints has not been extensively
examined. The existing design guidelines (e.g.
CIDECT) focus on high-cycle fatigue design of tubu-
lar joints with steel grades up to 460MPa, whereas
only limited research effort concerns low-cycle fatigue
performance of those joints (Baba et al. 1981, van
der Vegte et al. 1989). Recently, in a series of papers,
the low-cycle fatigue performance of tubular T-joints
has been reported (Waalen & Berge 2005, Boge et al.
2007, Hochman et al. 2010). It should be noted that
no experimental information is available for the low-
cycle fatigue of tubular joints made of high-strength
steel.
The experimental investigation consists of four (4)

X-joints tested under monotonic and strong cyclic out-
of-plane bending conditions at load levels well beyond
the elastic regime. Together with the overall joint

performance, local phenomena at the critical regions
aremonitored.The effect of the weldmetal strength on
the ultimate and fatigue capacity of the joints is investi-
gated. Furthermore, numerical analyses are conducted,
using rigorous finite element simulations of thewelded
tubular joint, with emphasis on the accurate simulation
of theweld region.The numerical results are compared
with the experimentalmeasurements. Special attention
is given to the evaluation of the stress and strain fields
at the so-called “hot-spot” locations, in terms of the
stress/strain concentration factors.

2 DESCRIPTION OF SPECIMENSAND
EXPERIMENTAL SET-UP

Four X-joint tubular joint specimens are tested and
analyzed under out-of-plane bending (OPB).The tubu-
lar joint configuration is shown in Figure 1. The
steel tubes for the welded tubular joint, i.e. the chord
and the two braces, have been provided by Tenaris
Dalmine SpA, Dalmine, Italy. The tubes are seamless,
and made of high-strength steel (TS590 grade) with
a nominal yield stress of 590MPa. The two braces
are 7-inch-diameter CHS tubes (7.625 in or 193.7mm)
with 10mmnominalwall thickness, whereas the chord
is a 14-inch-diameter CHS tube (355.6mm) with a
nominal wall thickness equal to 12.5mm. The welded
specimens were manufactured by Stahlbau Pichler
SpA, Bolzano, Italy. The welds has been performed
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Figure 1. Specimen geometry for the OPB tests: (a) front
view, (b) side view (dimensions in mm).

according to the general provisions of AWS D1.1
(AWS, 2004) and EN ISO 15609-1.Two different elec-
trodes have been used for the welds, corresponding
to Classes 55 and 79 (i.e. nominal yield strength of
550MPa and 790MPa respectively). The two elec-
trodes are referred to as “weld A” and “weld B”
respectively.
The experiments are conducted at the laboratory

facilities of the Civil Engineering Department, at the
University of Thessaly. The experimental set-up con-
sists of a four-point bending loading configuration
applied to the joint braces through a steel cross-beam,
and appropriate wooden grips. Two special ball-joint
hinges are used for connecting the cross-beam with
the grips. Both ends of the X-joint specimen braces
are hinged, using a double-hinge “roller” system that
allows for horizontal movement of the two ends
without introducing axial loading, while keeping the
symmetry of the specimen set-up at the deformed
configuration. The moment lever-arm created by this
load-support set-up is 830mm, and this is used in all
calculations thereafter. Details of the overall geome-
try, loading system for the OPB tests are shown in
Figure 2.
Thickness measurements have been conducted in

several cross-sections, on the chord and braces to
detect possible deviations from the nominal values
(12.5mm and 10mm respectively). It was found
that, despite some small variations of the thickness
value around the cross-section of the tubes, the mean
value for the chord thickness was measured equal
to 12.49mm, practically equal to the nominal value,
while the mean measured thickness for the brace was
measured equal to 10.27mm, slightly greater than the
nominal value.
The local strains at the critical parts of the joint were

monitored through several strain gages on the top and
bottom side of the joint. More specifically, uniaxial
five-element strip gages are attached at the tension side
of chord, at the weld toe area, in the hoop direction,

Figure 2. Test setup, loading system for the out-of-plane
bending tests: (a) schematic representation (b) deformed
specimen.

Figure 3. Strain gage location – specimen top side.

i.e. normal to the weld direction, as shown in Figure 3.
The strain gage closest to the brace-chord connection
area is located at a distance of 5mm from the weld toe,
which is in accordancewith the provisions of CIDECT
guidelines (CIDECT, 2001) to measure stress/strain
concentrations due to the discontinuity of the weld.
Moreover, four additional strain gages are placed at
both braces (top andbottomside) to study the evolution
local strains away from the connection area. Finally,
four wire position transducers and DCDT’s are used
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Figure 4. Uniaxial steel material stress-strain curve.

for recording the displacement at the location where
the load is applied, and the displacement of the support,
as shown in Figure 2. In Figure 3 the exact positioning
of allmeasuringdevices on the top side of the specimen
is depicted.
Themechanical properties of the steelmaterial have

been determined through tensile tests on steel coupon
specimens extracted by the tubes before the speci-
mens are manufactured. The tests were conducted by
CSM, Rome, Italy. It was found that the actual yield
stress of the TS590 steel material is 746MPa, signif-
icantly higher (26.4%) than the nominal value. The
stress-strain curve exhibits a small plastic plateau up
to 1.5% engineering strain, and the ultimate stress is
equal to 821MPa, reached at a strain of 7.5%. The
corresponding material true stress-strain curve from
tensile tests on steel coupon specimens is depicted in
Figure 4. The mechanical properties of welds A and
B have also been examined through tensile testing,
by ITMA, Spain. It was found that the actual mate-
rial properties of weld A material are 866MPa and
900MPa for the yield stress and the ultimate stress
respectively, whereas the corresponding actual mate-
rial properties of weld B material are 961MPa and
1078MPa. Both weld materials have values of yield
and ultimate stress higher than those of the tube steel
base material (746MPa and 821MPa), so that both
welds can be considered as “overmatched”. More-
over, fracture toughness tests were also conducted.
The specimens examined using the weld A presented
increased fracture toughness (136 kJ/m2) compared to
the specimens using the weld B (89 kJ/m2). Finally,
fatigue tests on specimens made of the TS590 mate-
rial as well as specimens containing both types of
welds were conducted in order to examine the effect
of the weld on the fatigue performance. The resulting
fatigue endurance limit (referring to 2× 106 cycles)
for the base material was found equal to 693MPa,
while the corresponding limits for the specimens using
the weld A and B were found equal to 135MPa and
98MPa respectively.

Table 1. Summary of experimental results.

Specimen Weld type Moment (Max/Min)* �M Nf

T1 A M (121.44/-) – –
T2 B M (115.42/-) – –
T3 A C (93.4/9.34) 84.06 240
T4 B C (93.4/9.34) 84.06 200

* Moment (kNm), �M: Moment load difference (kNm),
Nf : Number of cycles, M: Monotonic loading,
C: Cyclic loading.

Figure 5. Monotonic OPB loading behavior until failure.

3 EXPERIMENTAL RESULTS

3.1 Monotonic loading test

To examine the ultimate capacity and the deformation
capacity of the X-joints under consideration subjected
to out-of-plane bending, two monotonic tests have
been performed, one test for each weld conditions (A
andB) named as specimenT1 and specimenT2 respec-
tively (Table 1).The experimental results are presented
in Figure 5 in terms of their applied moment – load
displacement curves. The specimen with weld A con-
ditions resisted a maximum bending moment equal to
Mmax = 121.44 kNm and failure occurred at a value
of displacement equal to δ= 107.5mm.The specimen
with weld B conditions exhibited a maximum bend-
ing resistance equal to Mmax = 115.42 kNm, which is
slightly lower (about 6 kNm) than the one of the pre-
vious specimen. The displacement at the maximum
bending moment is equal to δ= 79.45mm, signifi-
cantly lower than the corresponding displacement of
the specimen with weldA conditions. Both specimens
failed in the form of fracture at the weld saddle of the
joint, on the chord side, as presented in Figure 6. The
experimental results indicate that the lower the strength
of the weld, the higher the bending capacity, in terms
of both maximum moment and – most importantly –
deformation capacity. This is in accordance with the
fracture toughness test results for both weld types.
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Figure 6. Cracked chord at the weld toe due to monotonic
loading – specimen T1.

Figure 7. Strain evolution for increasing bending moment.

The evolution of strains at the vicinity of the weld
toe on the chord part of the joint under increas-
ing out-of-plane bending load, measured using the
five-element strain gages of Figure 3, is depicted in
Figure 7. In this figure, the measured value of longitu-
dinal strain measured on the joint brace, away from the
weld toe, at a location where the moment distribution
is constant (strain gage 21) is also depicted.The strains
near the weld toe are used to evaluate the strain con-
centration factor SNCF at the weld toe area. Based on
the test measurements of Figure 7, two main observa-
tions can be made. First, for bending moment loading
up to 20 kNm the joint deforms elastically, and a value
of SNCF equal to 5.69 can be obtained using a lin-
ear extrapolation of the measured strains, as suggested
by Romeijn (1994) and by the CIDECT No. 8 (2001)
design guidelines for circular hollow section joints.
The extrapolation of strains is shown in Figure 8.
In addition, when the tubular joint exceeds the elas-

tic region, there is a strain relief in the hoop direction
starting in a distance about equal to the thickness of
the chord t0 from the weld toe in the chord saddle area.
This will be discussed in more detail in a following
paragraph.

Figure 8. Experimental estimation of SNCF.

3.2 Cyclic loading tests

The cyclic behavior of the high-strength steel X-joints
is experimentally investigated applying strong cyclic
loading on two specimens.More specifically, one joint
specimen for each weld condition (weld A/weld B
welded joint) has been subjected to cyclic out-of-
plane bending, until failure. In both experiments the
same loading sequence has been followed; the joints
are first subjected to monotonically increasing out-of-
plane bending up to 100 kNm and subsequently to a
cyclic out-of-plane bending loading sequence at load
ratio R=Mmin/Mmax = 0.1 with Mmax = 93.4 kNm.
The moment-deflection diagram of the X-tubular joint
with the weld A conditions indicates a rapid accumu-
lation of deformations after the 180th loading cycle,
as shown in the closed loops of Figure 9(a), and this is
associated with significant degradation of joint resis-
tance. The corresponding behavior of the specimen
with theweldB conditions is shown in Figure 9(b).The
specimenwithweldA conditions failed after 240 load-
ing cycles, while the specimen with weld B conditions
under the same loading conditions failed after 200
cycles. Although the specimen with the weld B con-
ditions showed a slightly lower fatigue resistance, its
behavior was rather similar. Both failures occurred in
the form of through-thickness cracking due to fatigue
Figure 10, at the chord saddle location of the weld toe
area, at the same location that occurred in the mono-
tonic loading case, presented in Figure 6. Because
of the relatively low number of cycles, the fatigue
failure of the joints can be regarded within the low-
cycle fatigue range.A summary of all the experimental
results is presented in Table 1.

4 NUMERICAL SIMULATION

4.1 Numerical modeling

The numerical model used for the simulation of the
experiment represents the actual dimensions of the
welded joint. The weld geometry has been modeled
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Figure 9. Maximum bending moment – load-point deflec-
tion curves: (a) specimen T3, (b) specimen T4.

Figure 10. Fatigue crack at the chord weld toe –
specimen T3.

in detail, according to the provisions of the American
Structural Welding Code AWS D1.1(AWS, 2004).
The model is developed in ABAQUS (Simulia,

2011) and uses 8-node, quadratic, reduced integration
solid elements (C3D8R) formost of the chord,whereas
4-noded solid elements (C3D4) are used in the brace
part and the weld region of the joint on the chord.
Moreover, the mesh size is denser near the weld region
in order to provide accuracy in the simulation results

Figure 11. Numerical model developed: (a) General view
(b) Weld region.

and time-effective simulations. Only half of the joint
is modeled, taking advantage of symmetry and apply-
ing the appropriate symmetry conditions. The model
is shown in Figure 11.

4.2 Numerical results and comparison with
experimental data

The numerical results have been initially obtained
using amaterialmodel of J2 flow plasticity, accounting
for large strains. For the purposes of the present anal-
ysis, linear kinematic hardening has been employed.
The corresponding bilinear stress-strain curve is plot-
ted in Figure 4, and compares fairly well with the
uniaxial tensile test data.The joint geometry wasmod-
eled according to the measured dimensions of the
tubular members, which are very close to the nomi-
nal ones, considering a uniform thickness of the chord
and the brace. As displayed in Figure 12, the experi-
mental measurements can be numerically reproduced
quite accurately for monotonic and cyclic loading
conditions.
It is worth noticing that the overall joint behavior is

sensitive to rather small variations of the chord thick-
ness value. This difference is attributed to the earlier
initiation of inelastic behavior when the chord thick-
ness becomes smaller, so that the joint resistance is
significantly reduced. In any case, the results show
that the numericalmodel is capable of simulating accu-
rately the experimental procedure and representing the
experimental results.
The strain concentration factor (SNCF) and the

stress concentration factor (SCF) has been also eval-
uated numerically. The numerical SNCF value is
estimated equal to 7.18, higher than the experimen-
tally evaluated value. According to CIDECT guide-
lines (2001), the corresponding SCF for the joint
under consideration is equal to 9.82 and according
to Wordsworth and Smedley (1978) it is equal to
10.25, whereas the numerical model results to a SCF
value equal to 6.16 using a linear extrapolation and
8.19 using quadratic extrapolation, as shown in Fig-
ure 13(b). The above differences are attributed to the
sensitivity of the strain/stress field near the weld toe
in terms of local conditions (notch effect).
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Figure 12. Comparison of the numerical and experimen-
tal load – displacement curves: (a) Monotonic, (b) Cyclic
loading.

Towards better understanding of the chord defor-
mation at the weld area, the deformed chord geometry
is shown in Figure 14, corresponding to a joint section
at the chord middle plane. The concentration of plas-
tic deformation near the weld-toe area is significantly
higher than the one located at the weld of the joint, so
that the location of cracking initiation at the weld-toe
is verified.
Using the numerical model, the strain evolution

was monitored at the locations where the strain-gages
were placed on the specimens as shown in Figure 3.
Two additional check points, namely “point 1” and
“point 2”, were added along the chord hoop direc-
tion. The numerical predictions indicate the same
strain evolution trend observed in the experimental
measurements.
It is noticeable thatwhen bending loading is applied,

the joint brace (sg 21) as well as the chord area
very close to the weld toe (sg 5) are always in ten-
sion. At point 1, located 6.55 cm from the weld toe
along the chord hoop, thematerial initially experiences
tensile strains which subsequently change to com-
pressive strains as the bending loading is increased.

Figure 13. (a) SNCF and (b) SCF evaluation.

From this location of the chord and towards the chord
top (point 2) the strains are always compressive. This
indicates that there is a significant change of chord
curvature near the weld toe region, which reaches a
critical value at a distance of about 5 times the chord
thickness.

5 DESIGN IMPLICATIONS

The design provisions of EN 1993-1-8 (2002), which
are identical to those proposed by CIDECT (1991) for
the ultimate resistance, are used for predicting the joint
bending capacity. Using the measured values of joint
thickness and the actual yield stress of the steel mate-
rial, the predicted bending resistance for OPB is equal
to Mop,Rk = 116.45 kNm not taking into consideration
any safety factors. In addition, EN 1993-1-12 (2009)
introduces a factor equal to 0.8 for the steel grade under
consideration.The predicted resistance is in very good
agreement with the experimental value for the weld B
welded joint and differs only 3.76% from the exper-
imental resistance for the weld A welded joint when
the 0.8 factor is not considered. Despite the fact that
the proposed formula is valid for joints made of steel
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Figure 14. Mid-span section (a) Deformed chord geometry
(b) Equivalent plastic strain distribution at the weld-toe area.

with yield stress no more than 460MPa, it can be con-
cluded that the proposed design equation is generally
in good agreement with the experimental findings and
can be used for the bending resistance prediction of
high-strength steel joints subjected to OPB, without
the 0.8 factor.
The fatigue design of tubular X-joints made of

high-strength-steel is not covered by any international
design code. Based on the experiments conducted
within this study it is possible to evaluate the applica-
bility of the existing fatigue design curves (developed
for ordinary steel grades up to 460MPa) on the fatigue
resistance of high-strength steel joints. EN 1993-1-9
(2002) adopts the “classification”method but does not
provide any fatigue curves for tubular X-joints of any
steel grade. On the other hand, CIDECT (2001) guide-
lines adopt the “hot spot” stress method, but they are
applicable for a number of cycles greater than 103. One
simple way to extend the high-cycle fatigue curves to
the low-cycle regime has been proposed byBallio et al.
(1995), where an “equivalent” elastic stress range” is
introduced and a linear extension of the S-N curves
in the log-log scale is proposed. Using this approach,
the predicted number of cycles for the X-joints under

Figure 15. Numerical strain values at various check points
(a) Check point locations (sg 21-meridional, sg 2-5/point 1/
point 2 – hoop) (b) Calculated strain values versus applied
moment.

consideration is equal to Nf = 69, which is about one
third of the experimentally measured fatigue life of the
joints. Taking into consideration the inherited safety
margins in the design specifications, it can be con-
cluded that the use of this design methodology in the
low-cycle fatigue range results in safe predictions and
could be adopted for design purposes.

6 CONCLUSIONS

In the present study, experimental and numerical inves-
tigation of the behavior of CHS welded joints made
of high-strength steel and subjected to out-of-plane
monotonic and cyclic bending has been presented.
The experimental results indicate that the lower the
strength of the weld, the higher the bending capacity,
in terms of maximum moment deformation capacity.
More tests are required for reaching safer conclusions.
The experimental results have been simulated quite
accurately by numerical models capable of describing
the joint deformation at a rigorous manner and sup-
porting the experimental observations. Finally, short-
comings of the existing design codes for the design of
high-strength steel welded joints are highlighted. An
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extension of the existing CIDECT design guidance for
high-strength steel under static and low-cycle fatigue
loading is proposed.
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Numerical investigation of welding residual stresses
in planar bridge trusses made of CHS steel profiles

F. Zamiri, A. Nussbaumer & C. Acevedo
École Polytechnique Fédérale de Lausanne (EPFL), Lausanne, Switzerland

ABSTRACT: Theweld-induced residual stresses in a tubular planarK-shaped connectionmade of construction
steel grades S355J2H and S690QH is evaluated using three-dimensional finite element models in thermo-
mechanical simulation of welding process. Both lumped single-pass and multi-pass simulation alternatives are
examined.
The transversal component is the largest residual stress component at the gap region for all models, with

values reaching the yield strength of studied steel grades. The shapes of residual stress profiles evaluated from
the multi-pass models for the two steel grades show a similar trend. Although this can change when the effects
of phase transformations will be considered. Considerable difference in the residual stress distribution in the
gap region is observed between multi-pass welding simulation and equivalent single-pass models for both steel
grades studied. For the single-pass models, the effect of using element activation on the residual stresses are
negligible.

1 INTRODUCTION

Application of circular hollow sections for bridge
structures has increased since the early 90’s, especially
in Europe (Acevedo and Nussbaumer 2012). Tubu-
lar bridges provide aesthetics, structural efficiency,
and sustainability and are advantageous compared to
other structural solutions, in particular for mid-sized
span bridges (Nussbaumer et al. 2010). Similar to the
offshore platform structures, two fabrication meth-
ods for the tubular bridge joints exist: welding the
tubes together, and using cast steel parts in place of
joints and connecting them to truss members by girth
welds. While the latter has shown a better fatigue per-
formance in the past, the former fabrication method
is still interesting for some bridge projects because of
cost and aesthetics issues.
Using high-strength low-alloy (HSLA) steels can

lead to a more transparent structure with a higher
live load to dead load ratio. Part 1–12 of Eurocode 3
which was introduced in 2007 permits the use of steel
grades up to grade S700. However, fatigue cracking
in the welded joints is a limiting factor for application
of higher grade steels in tubular bridge structures. In
the current IIW recommendations (Hobbacher 2003)
fatigue life is considered the same for the structural
steels up to grade S960. Part 1-9 of Eurocode (EN1993
2005a) recommends the use of the same fatigue resis-
tance curves for all structural steel grades. Although
experimental fatigue data supports the above fact, the
underlying phenomena of evolution of microstructure
in the heat affected zone and formation of residual

stresses during the welding process are different for
various steel grades.
Residual stresses in the HAZ are one of the major

factors that influence the fatigue crack growth, and
hence, the fatigue life of the welded details (Radaj
2003)s. The tensile residual stresses affect the fatigue
response of the detail by keeping the cracks open, even
if the external load is compressive. The non-uniform
plastic deformations which occur during the welding
are the main source for the formation of welding resid-
ual stresses (Withers 2007). Several factors affect the
residual stress magnitude and distribution in the HAZ,
including:

• geometry
• material properties
• mechanical restraints of the connection
• temperature history experienced by the weldment
The temperature history mentioned above is deter-

mined by several welding parameters, namely heat
input, shape of the heat source and the number of
welding passes.
During the welding process many different phe-

nomena occur which can be regrouped into three
interacting domains: thermal field, mechanical field,
and microstructure field. Figure 1 shows these three
domains with the simplified interactions that take
place duringwelding.The dark arrows depict the dom-
inating effects and the dotted arrows indicate that the
corresponding effect is of less importance.The thermal
field affects both the microstructure and the mechani-
cal field,while the inverse effects are negligible.This is
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Figure 1. Simplification of interactions between the three
domains during the welding process. Dark arrows show the
dominant interactions.

Table 1. Profile sizes and non-dimensional geometric
parameters of the studied K-Joint.

Non dimensional
Nominal dimensions parameters

Chord 168.3× 20mm β(d1/d0) 0.53
Brace 88.9× 8mm γ(d0/2t0) 4.21
Eccentricity(e) 49.3mm e/d0 0.29
θ∗ 60° τ(t1/t0) 0.4

*Nominal angle between the chord and the braces.

the key to de-coupling of the thermo-mechanical anal-
ysis into a sequential procedurewhich includes solving
the thermal field problem, and subsequently solving
each of the microstructure and mechanical fields.

2 NUMERICAL SIMULATION

The geometry for the planar K-joint modeled in this
study is similar to the joints of full-scale specimens
which were tested under constant amplitude fatigue
loading in ICOM laboratory (Acevedo &Nussbaumer
2012). The dimensions and non-dimensional geomet-
ric parameters of the joint are shown in Table 1. The
dimensions are exemplar of tubular bridge trusses in
which the value of γ is below the application range
of CIDECT (2000) formulas for the stress concen-
tration factors (application range is 12≤ γ ≤ 30). The
CIDECT’s stress concentration factors are given for
the case that no eccentricity exists in the joint, which
is not the case for many bridge joints, including the
joint investigated here.
The detail of weld gap at the crown toe and the

crown heel is presented in figure 2. The welding was
done in 7 welding passes, according to the weld-
ing procedure specifications from the fabricator. As
will be seen later, the number of weld passes was

Figure 2. Geometry of the weld gap for the brace-to-chord
connection. The detail shows the welding passes according
to the welding procedure specifications.

reduced for the numerical analysis. The complex weld
geometry was simulated according to the method
explained by (Costa Borges 2008). The arc welding
was done using flux cored electrodes. The steel back-
ing ring provides more complete weld penetration and
hence, a better fatigue performance (Schumacher &
Nussbaumer 2006). However, it does not have a sig-
nificant effect on the thermal or mechanical field for
welding simulation. Therefore, it was not included in
the model.

2.1 Material data

The original truss was made of structural steel
S355J2H according to EN:10210-1 2006. To evalu-
ate the effect of material, simulation was carried out
with both steel grade S355J2H and grade S690QH. the
temperature dependent thermal and mechanical prop-
erties were chosen from different sources. The values
suggested byEurocode3-1-2 fire design recommenda-
tions (2005b) were used for the thermal conductivity,
specific heat capacity, and latent heat of the steelmate-
rial. Temperature-dependent Young’s modulus values
were selected according to Eurocode. Poisson’s ratio
and coefficient of thermal expansion were chosen as
suggested by (Michaleris 2011). For yield strength of
S355 steel, the values given by Michaleris were used.
Yield strength of S690 was selected from Eurocode
values. The rate-independent mechanical properties
of the two steel grades are given in Figure 3. The
same material properties are assumed for the parent
metal and weld material. Transformation plasticity is
not considered in this study.

2.2 Heat source and boundary conditions

There are several heat source models available in
the literature (Radaj 2003) to model the welding
torch.Although the double ellipsoid model (Goldak &
Akhlaghi 2005) is the most desirable model for
the modeling of arc welding process, its calibration
requires considerable data in terms of registered weld-
ing temperature history. In this stage of study, a simple
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Figure 3. (Top) Change of E and σy with temperature for
S355 and S690 steels (Michaleris 2011, EN1993 2005b);
(Bottom) Temperature dependent ν and α for the same steel
grades (Michaleris 2011).

model, as recommended in MORFEO (2011), was
employed.The weld torch specifications are presented
in Table 2. The selected volumetric heat source shape
was a cylinder with a linear heat input intensity dis-
tribution in the longitudinal direction of cylinder. The
base radius and height of the cylinder for the single-
pass weld model were selected as 15mm. The volume
dimensions were calibrated according to the size of
fusion zone. The cylindrical heat sources for the three
passes of the multi-pass simulation were scaled down
to fit into their corresponding weld beads whose
shapes can be seen in Figure 5c.
The sequence for the welding of the two braces

is shown in Figure 4. The welding for each brace

Table 2. Arc welding parameters used in modeling of heat
source.

Parameter Value

Number of welding passes 7
Welding torch speed [mm/s] 5.5
Welding current [A] 270
Voltage [V] 30
Arc welding efficiency [%] 0.732
Heat power input per pass [kW] 5.93
Total heat power input [kW] 41.5

Figure 4. Welding sequence for the four weld parts of the
K-joint connection.

started at the crown heel and finished at the crown
toe on each side of the connection. Once one pass
of all 4 weld parts were done, the next pass would
start and so forth. The welding start and stop posi-
tionswere selected according to thewelding procedure
used at the time of fabrication of the fatigue-tested
specimens made of steel grade S355J2H. Although
having the weld stop position at the crown toe can
potentially accelerate the fatigue crack propagation,
the fatigue tests did not show any significant deviation
from the CIDECT fatigue strength curves (Acevedo&
Nussbaumer 2012), likely because of the high quality
of welding workmanship. It is worth mentioning that
the fabricator has recently revised its welding proce-
dure to relocate the weld stops outside the crown toe
region.
The seven weld passes were simplified in the anal-

yses into either a lumped single pass or a lumped
three-pass weld. The total heat input was kept as the
same value shown inTable 2 for all analyses, according
to Radaj (2003). For the three-pass welding simula-
tion, the heat power input for each of the three passes
was one-third of the total heat power input given in
Table 2.The heat loss through convection and radiation
was modeled by using a combination film coefficient
in themodel.Table 3 depicts the detailed time steps for
the simulation of an equivalent single pass weld. for
the three-pass weld, the same timing (i.e. 25 seconds
for welding, followed by a 120 seconds cooling period,
with a long cooling time step at the end of welding)
was selected. A preheating temperature of 100◦C was
assumed for the three-pass welding simulation.
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Figure 5. Finite element meshes used in analyses; (a)
Overview; (b) Detail of the mesh at the gap region for the
single-pass weld models; (c) Detail of the mesh and parti-
tioning of the weld bead at the gap region for the multi-pass
weldmodel. PointA is the pointwhere the temperature history
is evaluated.

The deformation of the model was not restrained. to
maintain the equilibrium, only the three translational
displacement components were fixed at one end of the
chord (right side).

2.3 FE analysis details

The analysis was carried out in MORFEO/Welding
(2011) manufacturing simulation program.The model

Table 3. Welding sequence for equivalent single-pass weld
simulation. Weld part numbering is as shown in Figure 4.

Start time End time
Step name seconds seconds

Waiting 0 24
Welding, part 1 25 50
Cooling 51 174
Welding, part 2 175 200
Cooling 201 324
Welding, part 3 325 350
Cooling 351 474
Welding, part 4 475 500
Cooling 501 9000

was created using 8-node linear isoparametric solid
elements (Fig. 5a). It is known from the fatigue tests
of the two full-scale specimens that the fatigue crack-
ing first occurs at the hot spot located on the chord
at the crown weld toe (the gap region between the
two braces). Therefore, for the estimation of residual
stress field, themesh is refined in that location, with an
element dimension of 1mm to 2.2mm (Fig. 5b and c).
In order to simulate the weld metal deposition for

the multi-pass welding, the element activation option
of the MORFEO/Welding program is utilized. Of the
two available methods, namely activation by analysis
time and activation by temperature, the former is cho-
sen. In the temperature activationmethod, the elements
are activated once the temperature reaches a thresh-
old value (melting point). The method can result in
some isolated elements which produce convergence
problems during analysis. In the time-based element
activation, a moving box passes along the weld tra-
jectory with a user-defined speed. Once an element is
within the box, the elementwill be activated.The effect
of material deposition on the thermal solution is neg-
ligible, but it has significant impact on the mechanical
solution. Therefore, the element activation was only
used for the mechanical part of the problem.

3 RESULTS

3.1 Thermal solution

The temperature history at a node located on the chord
surface in the gap region at 4mm from the weld toe is
reported on Figure 6 for the two types of the models
(the node location is shown in Figure 5b,c as PointA).
It is recalled that the thermal analysis part was identi-
cal for the two steel types.As can be seen in the figure,
the analysis was continued through the final cooling
time until the temperature dropped below 50◦C. The
two larger peaks observed for the single-path model
correspond to the passage of the weld parts number 2
and 4 (see Figure 4) at the vicinity of the considered
point. The calculated maximum temperature for the
single-pass model is 23% higher than the peak tem-
perature from the three-pass weld model. The reason
being that the heat input in the latter model is more
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Figure 6. Calculated temperature time history for the
single-pass and multi-pass simulations.

Figure 7. Distribution of the transverse stress component in
the chord at gap region for steel S690QH (multi-pass weld
simulation).

Figure 8. Distribution of the transverse stress component in
the chord at gap region for steel S355J2H (multi-pass weld
simulation).

gradual which allows some cooling down between the
welding operations.

3.2 Mechanical solution

As mentioned before, ongoing and previous fatigue
experiments at ICOM have shown that the critical
location for the fatigue cracking is at the crown toe
location in the gap region. Cracking initiates at the
HAZ but quickly goes into base metal and propagates
there (Acevedo & Nussbaumer 2012). The distribu-
tions of residual stresses in the gap region for the two
studied steel grades are shown in Figures 7 and 8 for

Figure 9. Through-thickness residual stress profiles at the
weld toes (crown toe hot spot) for S355J2H.

the case of the three-pass weld model. The transverse
stress component is shown in Figures 7 and 8, which is
the component perpendicular to the weld line.The fig-
ures show the presence of high tensile residual stresses
in the gap region for both steel grades. The single-pass
model with element activation showed a similar trend
but with higher residual stresses at the middle of the
gap region. This can be described by the higher cal-
culated thermal strains due to the higher temperatures
which was explained in the previous section.
Both models for S355J2H and S690QH predict low

compressive transverse residual stresses at the location
of weld roots (slightly dark regions in the locations of
weld roots). This is in agreement with the observa-
tion of no root cracking in the aforementioned fatigue
tests which were conducted with R= 0.1 (thus likely
diminishing the effect of stress range).
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Figure 10. Through-thickness residual stress profiles at the
weld toes (crown toe hot spot) for S690QH.

The through thickness profiles of three residual
stress components at the left (dark lines) and right
(gray lines) crown toes for the two steel grades
S355J2H and S690QH are presented in Figures 9 and
10. Comparing these profiles, a similar trend for the
distribution of residual stresses between the two steel
grades can be observed. However, this would not be
the casewhen othermodeling parameters such as volu-
metric changes due to phase transformations are taken
into consideration.
As can be seen, the longitudinal component (i.e.

the component tangent to the weld line) is less than
the transverse component for all models. Considering
the transversal component, all models indicate high
residual stresses up to and even higher than the yield
stress. The impact of the modeling method (single-
pass versus multi-pass) is considerable for both steel
grades, for which both peak value and peak locations
are different between the two modeling methods. The

difference is higher for the case of S355J2H compared
to the S690QHdespite the fact that the two steel grades
underwent identical temperature histories. The differ-
ence between models becomes less significant for the
case of longitudinal and radial components of residual
stresses. The radial stress profiles at the weld toe show
that the radial stress component is not zero at the chord
surface. Although the equilibrium of stresses implies
that there should not be any radial residual stresses at
the surface of the chord, but this does not hold for the
weld toe corner, where the resultant of residual stresses
is not necessarily parallel to the chord surface. The
evaluated tensile radial component at the surface from
the multi-pass model is higher than the single-pass
model. This shows that a triaxial residual stress state
exists at the weld toe near the chord surface, with the
largest component being the transversal component
and the smallest component being the radial stress.
For both of the studied steel grades, the single-pass

models predict a higher maximum value for the lon-
gitudinal residual stress component, compared to the
three-pass models. However, the maximum value for
the three-passmodels occur in the chord surface, while
the single-pass models report the maximum longitudi-
nal stress to be at the depth of around 0.2T. Due to this
difference in prediction of residual stresses, the predic-
tion of fatigue life (and crack path) will be different
in the subsequent crack propagation analyses, spe-
cially for the case that the joint undergoes compressive
fatigue loading.
The asymmetry of the stress field can be observed

by comparing the stress profiles at the right and left
weld toes. However, the difference between the stress
profiles at the two weld toes is reduced in the case of
multi-pass welding simulation.

4 CONCLUSION

Thermo-mechanical welding analysis was utilized to
evaluatewelding residual stresses in a planarK-shaped
tubular joint for two grades of structural steel. The
element activation analysis technique made no con-
siderable difference for the equivalent single pass
welding simulation; however, the results from multi-
pass welding analysis showed considerable change in
the distribution of residual stress field, specially for
the case of transversal residual stresses.
For both of the steel grades studied, the transver-

sal stress component in the gap region was the largest
stress component, with the values at fy.Also, the distri-
bution of residual stresses calculated from multi-pass
weld simulations show a similar trend. This con-
clusion should be taken with caution as volumetric
changes due to phase transformation were not consid-
ered.Transformation plasticity will be implemented in
future work.
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ABSTRACT: Natural bond is sometimes not enough to allow load transfer between a tubular steel profile and
the concrete core in composite columns with Concrete Filled hollow Steel sections (CFS). European Standard
EN 1994-1-1:2004 and Brazilian Standard ABNT NBR 8800:2008 for composite structures recommend the
use of mechanical connectors if the interface shear stress in a CFS column exceeds a limiting value between
0.40MPa and 0.55MPa. This paper presents a numerical analysis of a load transfer device, which uses bolts
as connectors in concrete filled columns. A nonlinear numerical model was developed using the commercial
finite element program ABAQUS. Solid elements were used for the steel and concrete, and also the contact
between these two materials was considered. Comparisons with experimental results were conducted to validate
the numerical model. Finally, the numerical model was used to perform a parametric study in order to verify
the validity of an analytical model presented by the new Brazilian Draft Standard for design of tubular steel and
composite structures (TB-NBT:2011).

1 INTRODUCTION

Composite columns with concrete filled hollow steel
sections (CFS) have many advantages over steel or
concrete columns. The interaction between the tubu-
lar steel profile and the concrete core increases the
structural properties of the materials. Confinement
provided by the steel tube increases the bearing capac-
ity of the concrete due to the multi-axial stress state.
Also, the concrete core prevents deformation of the
tube toward the inside, increasing the resistance to
local buckling. Additionally, the tube also eliminates
the need for concrete formwork, reducing costs and
construction time.
The loads are transferred between steel tube and

concrete core by shear strength at the contact sur-
face (adhesion and friction) or by mechanical means.
European Standard EN 1994-1-1:2004 and Brazilian
Standard ABNT NBR 8800:2008 specify a design
shear strength equal to 0.40MPa and 0.55MPa for
rectangular and circular sections, respectively. Shear
connectors should be provided, based on distribution
of the design value of longitudinal shear, where this
exceeds the design shear strength.
The development and use of shear connectors was

the subject of several works: Viest (1960), Chapman
(1964), Leonhardt et al. (1987), Jacobs & Hajjar
(2010), Starossek et al. (2008a, b; 2009), Chien &
Ritchie (1984); Ghavami (1998), Zellner (1987) and
Veríssimo (2007), among others.

Recently, the Brazilian Draft Standard for design of
tubular steel and composite structures,TB-NBT:2011,
provided an analytical model for the design of bolts as
a shear transfer device in CFS columns.
This paper presents a numerical analysis used to

verify the validity of the analytical model presented
by the TB-NBT:2011.

2 NUMERICAL MODEL

Numerical methods, with emphasis on the finite ele-
ment method (FEM), have become a powerful tool
for analyzing structures. Although experiments are
important in research on composite structures, they
are expensive and time-consuming, and often made
in small amounts. Thus, analysis via FEM provides
complementary information to experimental analyses.
In this work, first, numerical analysis was per-

formed using the commercial finite element program
ABAQUS (Simulia, 2010) with the aim of reproduc-
ing the experimental and numerical results obtained
by Starossek et al. (2008a, b; 2009). The models have
a tubular profile with 168.3mm diameter, 5mm thick-
ness and 750mm length. A gap of 25mm between the
top of steel tube and the top of concrete core was left,
as shown in Figure 1.
For models identified with the label “Sc”, the

load was applied only at the top of the steel profile
(Figure 1) and for models labeled with the initials
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Figure 1. Load applied only to steel, model “Sc” (a) and
model “SP” with load applied only to concrete (b) (Starossek
et al., 2008a).

Figure 2. Boundary conditions for the model
UD-C1-Sc-2B.

“SP”, the load was applied only to the concrete. Addi-
tionally, the models with the label “UD” indicate that
the inner surface of the tubes was polished and greased
before casting the concrete, in order to eliminate
friction and adhesion between steel and concrete.
Due to symmetry and the finite element type used,

only one quarter of the models analyzed by Starossek
et al. (2008a, b; 2009) were modeled, according to
Figure 2. This procedure allowed the minimization of
computational time.
The nodes on the lower surface of the steel profile

were fixed in all directions, while the nodes on the
upper surface were released only in the direction of
the length of the model. At the bottom surface of the
concrete, nodes were fixed only in the direction of the
length of the model.
The bolts used by Starossek et al. (2008a, b; 2009)

were type M16 threaded throughout their length.

Figure 3. Solid finite element C3D8 (Simulia, 2010).

In this paper, the bolt diameter was reduced to
simulate the thread. According to the ABNT NBR
8800:2008, the nominal bearing capacity of boltswhen
the shear plane passes through the threads is given by:

where Ab is the nominal bolt cross-sectional area and
fub is the steel bolt specified ultimate tensile strength.
This equation shows the coefficients related to the
effective area of the threads and shear failure of the
steel, equal to 0.67 and 0.6 respectively. Thus, the fol-
lowing value for the effective diameter (deff ) of the
bolt was used:

where dn is the nominal bolt diameter.
The element type C3D8 was used (linear hexahe-

dral solid), which has eight nodes and three degrees of
freedom per node. This element can be used for com-
plex non-linear analysis involving contact, plasticity
and large deformations. Figure 3 shows the ordering
of the nodes and the numbering of the faces of the
element.
Interactions at the contact surface between the steel

and concrete may occur in the tangential and normal
directions of the models. For models C1-UD-4B-Sc
(with load applied to the steel profile indicated by the
label Sc, greased surface, label UD, and four bolts,
label 4B) and C1-UD-2B-Sc (with two bolts), it was
considered that slip between the concrete and tube
occurs freely in the tangential direction thus simulat-
ing no friction. In the normal direction, the interaction
model considers the compressive stress between the
components and allows separation between them. In
the model C1-SP2 (with load applied to the concrete
core, indicated by label SP), a coefficient of friction at
the interface between the steel tube and concrete core
was used.
In models with bolts, a high coefficient of friction

between these bolts and concrete was considered to
simulate the effect of the threads. At the interface
between each bolt and the tube, the model assumes
that adjacent nodes have the same displacement.
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Figure 4. Mesh refinement.

Figure 5. Stress-strain diagram of steel.

In a region around the bolts (40mm above and
below), a mesh with elements of maximum size equal
to 5mm (in all directions) was used for both the steel
tube and for the concrete core. In the other regions ele-
ments were used with a maximum size equal to 5mm
in the transverse direction and 20mm in the longitudi-
nal direction of the model. Bolts were meshed with a
maximum dimension of 3mm, as shown in Figure 4.
The stress-strain diagram of steel adopted in the

numerical models is shown in Figure 5, with modulus
of elasticity of 210168MPa, yield strength of 487MPa
and a tensile strength of 594MPa, with bilinearity
beginning at 85% of yield strength. This imperfec-
tion, which considers various effects that influence
the numerical results, was defined from initial anal-
ysis with values of 90%, 85%, 80%, 75% and 70%.
It was observed that 85% was appropriate in compari-
son to experimental results obtained by Starossek et al.
(2008a). The deformations corresponding to the end
of each branch of the diagram shown in Figure 5 were
set based on the stress-strain diagram presented by
Salmon & Johnson (1990).
The steel bolt was modeled with the stress-strain

diagram without imperfection (Figure 5) and with a
yield strength of 300MPa, tensile strength of 500MPa
and modulus of elasticity of 210000MPa.

Table 1. Comparison of the maximum load.

FEM, present Starossek et al.
Model paper (A) (2008a) (B) A/B

C1-UD-4B-Sc 1273 *1310 0.97
C1-UD-2B-Sc 1272 *1339 0.95
C1-SP2 2031 2203 0.92

*Graphical results obtained for a relative displacement
between 6 to 12mm.

Figure 6. Comparison between results, model
C1-UD-4B-Sc.

The nonlinear inelastic behavior of steel was sim-
ulated considering the isotropic hardening von Mises
model. For the concrete, the stress-strain relationship
presented by EN 1992-1-1:2004 was adopted, with
parameters to consider the confinement and tensile
cracking. Softening of the concrete was not considered
and the tensile strength was taken as 10% of the com-
pressive strength. The nonlinear inelastic behavior of
concrete was simulated considering the concrete dam-
aged plasticity model in the program ABAQUS. The
model uses the concept of isotropic damaged elasticity
in combination with isotropic tensile and compres-
sive plasticity to represent the inelastic behavior of
concrete.
The values found for the maximum load were com-

pared, as shown in Table 1, with experimental and
numerical results obtained by Starossek et al. (2008a).
In Figures 6 to 8 the numerical results of this paper

are compared with experimental and numerical values
taken from Starossek et al. (2008a, b, 2009).
The numerical model was considered adequate.

The maximum difference between the ultimate load
obtained by it and the experimental results was 8%
(Table 1).Additionally, it was noted that the numerical
model simulated, with good accuracy, the initial stiff-
ness of the test specimen and the variation of stiffness
during loading.

3 CODE PREDICTION

A standard for design of steel and composite structures
with hollow sections (TB-NBT:2011) is in final phase
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Figure 7. Comparison between results, model
C1-UD-2B-Sc.

Figure 8. Comparison between results, model C1-SP2.

of development in Brazil. In this standard, the load
transfer mechanism with bolts (“common” or high-
strength) shown in Figure 9 is presented. The bolts are
designed based on their shear strength and crushing
of the concrete, as well as checks on the crushing and
tearing of the tube.
According to theTB-NBT:2011, the bolt spacing in

any direction cannot be less than six diameters. The
nominal strength of each bolt is given by the lowest
value from:

where lb and db are the length and diameter of the
bolts, respectively, t is the thickness tube, fu and fub are
the tensile strength of steel tube and bolt, respectively,
and σc,Rn is the nominal bearing stress on concrete,
taken equal to the concrete characteristic compressive
strength multiplied by a factor of 1.4.

4 RESULTS OF NUMERICAL STUDY

Numerical analysis using the program ABAQUS was
performed to simulate the behavior of high-strength

Figure 9. Load transfer mechanism using bolts
(TB-NBT:2011).

bolts as force transfer devices in composite columns
with concrete filled tubes.
A study was conducted consisting of 44 numerical

models with 1000mm length and bolts at mid-height.
The parameters varied were: the thickness and diame-
ter of the tubes; quantity, length and diameter of bolts;
and, concrete compressive strength.
For steel tubular profiles, the modulus of elasticity

was taken equal to 205000MPa, yield strength equal
to 350MPa and tensile strength equal to 485MPa.
For high strength steel bolts, a similar stress-strain

diagram to that shown in Figure 5 was used, but with a
strain at tensile strength of 25εy. The yield and tensile
strengthswere taken as 635MPa and 825MPa, respec-
tively.Themodulus of elasticity was 200000MPa.The
length of the bolts was 89mm.
The load was applied at the top of the steel profile

and only the base of the concrete core was supported.
At the contact surface between the concrete core and
steel tube, the coefficient of friction was considered
to be zero in the tangential direction. In the normal
direction, separation was permitted.
Figure 10 shows the numerical result for the model

219x8.2-4x12.7-30. The label means diameter by
thickness of tubes, in millimeters, quantity by diame-
ter of bolts, in millimeters, and concrete compressive
strength in MPa. The code-predicted strength from
TB-NBT:2011 is also shown in Figure 10, indicating
conservative prediction.
Figures 11 to 13 present the stress distribution at

the ultimate load. In Figure 11 the von Mises stress
above 485MPa is grey, showing the parts of the model
with von Mises stress above the tensile strength of the
steel tube. This analysis demonstrates that much of
the thickness of the tube in contact with the bolt is
completely loaded.
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Figure 10. Load-displacement curve for model
219x8,2-4x12,7-30.

Figure 11. Von Mises stress limited to 485MPa (tensile
strength of steel tube).

In Figure 12 the von Mises stress above 825MPa is
grey, showing the parts of the model with stress above
the tensile strength of the steel bolt, indicating that
much of the length of the bolt is completely loaded.
In Figure 13 the compressive longitudinal stress

(negative) above 30MPa is dark grey, showing the
parts of the model with stress above the concrete
strength, indicating a highly loaded area under the bolt.
Table 2 presents the numerical results obtained

by finite element model and code-predicted results
obtained using the expressions (3) and (4).
Three models (355x9.5-4x19-30, 355x9.5-4x25.4-

30 and 355x9.5-4x12.7-40) had convergence difficul-
ties and were neglected.
The average relationship between the code-

predicted result (lowest among the last four columns
of Table 2 – the cell of this value is shaded) and the
numerical result is equal to 0.725, with a minimum
value of 0.51 and a maximum of 0.94. The standard

Figure 12. Von Mises stress limited to 825MPa (tensile
strength of steel bolt).

Figure 13. Longitudinal stress limited to 30MPa (concrete
strength).

deviation is equal to 0.12. The code-predicted capaci-
ties are always conservative compared to the numerical
results.

5 CONCLUSIONS

This work presents a numerical study of a load trans-
fer device,which uses bolts as connectors in composite
columns with concrete filled hollow steel sections. A
nonlinear numerical model was developed using the
programABAQUS.Solid finite elementswere used for
the steel and concrete, and also to consider the contact
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Table 2. Comparison between code and numerical results.

between the elements. Comparisons with experimen-
tal results were conducted to validate the numerical
model. A parametric study was conducted in order
to verify the validation of the model presented in the

BrazilianDraft Standard for design of tubular steel and
composite structures, TB-NBT:2011.
The study showed that the code-predicted results are

always conservative compared to numerical results.
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ABSTRACT: The current EN 1993-1-8 (2005) recommendations are based on the IIW recommendations of
1989 (IIW 1989) and the CIDECT Design Guides 1 and 3 (Wardenier et al. 1991, Packer et al. 1992). Recently,
in 2008 and 2009, IIW and CIDECT revised their recommendations (Zhao et al. 2008, ISO 2009, Wardenier
et al. 2008, Packer et al. 2009). The recommendations of both organisations are consistent with each other and
have also been accepted as Draft ISO recommendations (ISO 14346 2009). In principle, it has been agreed
to include these new recommendations also in the next revision (amendment) of EN 1993-1-8. The proposed
corrections dealt with in this paper should be included as soon as possible to cover errors, parts which are
not clear, corrections related to the extension of the recommendations to S460 and corrections resulting from
research of the last 10 years which showed that otherwise the safety level would be lower than expected.

1 INTRODUCTION

The current EN 1993-1-8 (2005) recommendations
are based on the IIW recommendations of 1989
(IIW 1989) and the CIDECT Design Guides 1 and
3 (Wardenier et al. 1991, Packer et al. 1992). These
EN 1993-1-8 recommendations have already been
corrected with Corrigenda up to the end of 2010.
Recently, IIW and CIDECT revised their rec-

ommendations in 2009 and 2008/2009, respectively
(Zhao et al. 2008, IIW 2009, Wardenier et al. 2008,
Packer et al. 2009). The recommendations of both
organisations are consistent with each other and have
also been accepted as Draft ISO recommendations
(ISO 14346 2009).
In principle, it has been agreed to include these new

recommendations of IIW (2009), or similarly theDraft
ISO 14346 (which were adopted by CIDECT in their
Design Guides), in the next revision (amendment) of
EN 1993-1-8.
The proposed corrections dealt with in this paper

cover errors, parts which are not clear, corrections
related to the extension of the recommendations to
S460 and corrections resulting from researchof the last
10 years which showed that the safety level of the cur-
rent recommendations would be lower than expected,
in some instances.
Editorial errors, and parts which are corrected to

make the text clearer, are generally not discussed here.
This paper therefore does not give a complete overview
but a detailed survey of all proposed corrections is

given in Wardenier & Puthli (2011). In this paper,
comma’s are used as decimal points to follow the
Eurocode practice.

2 CONFUSING ITEMS

2.1 Welding in cold-formed zones

The text and note in EN 1993-1-8, Clause 4.14 should
be corrected to make clear that, for the conditions
specified, welding in the cold-formed corners and the
adjacent zones is permitted.
Hence, the text should read:
Welding may be carried out in the corners and the

adjacent cold formed zones, provided that one of the
following conditions is fulfilled:

– the cold-formed zones are heat-treated appropri-
ately after cold-forming but before welding;

– the inside corner-to-thickness ratio r/t satisfies the
relevant value of Table 4.2 of EN 1993-1-8.

Further, the note should be presented more clearly:
Welding in the corners and within a distance of

5t from the corners is also permitted for those cold-
formedhollowsections according toEN10219 (2006),
which do not satisfy the limits given in Table 4.2, pro-
vided that the hollow sections satisfy the following
additional requirements:

– the thickness ≤12,5mm
– the steel is Al-killed

233



– the quality is J2H, K2H, MH, MLH, NH or NLH
– the chemical analysis meets the following limits:
C≤ 0,18%, P≤ 0,020% and S≤ 0,012%.
In other cases, welding in this area is only allowed if

it can be shown by tests that welding can be permitted
for that particular application.
Note:At present EN 1993-1-10 (2005) is also being

extended to cover the material selection for cold-
formed hollow sections. As soon as this is included,
the provisions in EN 1993-1-8 can be deleted and
reference made to EN 1993-1-10.

2.2 Minimum wall thickness

The joint strength is only determined by the geometri-
cal parameters and not by the nominal wall thickness,
provided that the welds are properly made and proper
material is used. The quality of welds is covered by
EN 1090-2, that is why, deviating from the IIW and
CIDECT recommendations, a lower limit for the wall
thickness is proposed.
To allow smaller wall thicknesses for light struc-

tures such as production greenhouses, the text in EN
1993-1-8, Clause 7.1.1 (5) should read:
The nominal wall thickness of hollow sections

should not be less than 2,5mm unless welding qual-
ification tests show that the welds can be properly
executed. In such cases, the minimum nominal wall
thickness should be 1,5mm.

2.3 Validity ranges

In several tables, the validity ranges have to be better
specified, including all relevant parameters. Further,
typing errors have to be corrected, for example in EN
1993-1-8, Table 7.8 in the third box below “gap or
overlap”, the typing error for overlap joints bi/bj ≤ 0,75
should be corrected to bi/bj ≥ 0,75. In addition, in the
samebox the following validity range should be added:
“for CHS braces: di/dj ≥ 0,75”.

2.4 Chord stress

EN1993-1-8 defines a chord compression load as pos-
itive whereas all other recommendations and codes
in the world (ISO, IIW, AISC, CIDECT) designate
tension as positive. It would have been better to also
designate tension as positive in EN 1993-1-8, but that
is not feasible anymore. To avoid confusion with all
other recommendations and codes, it is proposed to put
the chord stress parameters np and n between absolute
signs, i.e. |np| and |n|.
In Clause 7.2.1(3) it should be indicated that for

the chord stress functions the chord stress at the chord
connecting face should be taken.

2.5 Chord stress effect

EN 1993-1-8 stipulates that for CHS joints the effect
of the chord stress on the joint capacity should

Figure 1. Definition of np and n.

be incorporated by a prestress parameter np, based
on the chord preload, see Figure 1 (i.e. the chord
load excluding the reaction forces for the brace load
components).
For RHS joints, the chord stress effect is based on

the parameter n which considers the maximum chord
load. This gives rise to confusion, however, this is due
to the compromise in the previous IIW recommen-
dations (IIW 1989) which formed the basis for these
Eurocode 3 recommendations.
In the new recommendations of IIW 2009 and

CIDECT (Wardenier et al. 2008, Packer et al. 2009)
this inconsistency has been solved by considering the
chord stress function using the maximum chord stress
at the connecting face, both for CHS and RHS joints.
This could not be introduced anymore in the correc-
tions for EN 1993-1-8 since all CHS joint strength
functions would then have to be modified, which was
not feasible for this edition of EC3.

2.6 Chord shear check for cross joints

If the angle θ between the braces and the chord
becomes very small, i.e. cos θ >β in the case of CHS
X joints or cos θ > h1/h0 in case of X joints with an
RHS or I section chord, shear in the chord cross sec-
tion between the braces can occur, see Figure 2 (Choo
et al. 2004).This has to be checked similar to amember
check for shear and axial load. In EN 1993-1-8, this
check, which is already included in the current AISC
specification, should be included.

2.7 Plate-to-RHS joints

For the transverse plate-to-RHS joint in Table 7.13 of
EN 1993-1-8, the brace failure criterion has been erro-
neously deleted in the previous corrigenda and should
be included again.
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Figure 2. Shear failure of an X joint with a small angle θ.

Figure 3. Stiffened joint.

2.8 Joints stiffened by plates

In Table 7.18 of EN 1993-1-8, the current titles and
text for joints stiffened by plates are contradictory,
and hence, a proposal is made for clarification, see
Wardenier & Puthli (2011).
Further, the use of only a division plate in between

the braces, as shown in Figure 3, does only provide
a real increase in strength if the chord wall is rela-
tively stocky or β is high and therefore this provision
is proposed to be deleted or more restrictions should
be given.
Also, it is not permitted to infringe the validity

range of 25% overlap, thus the text “…because of
insufficient overlap” is misleading.
The text for the other stiffened joints should also

be corrected (seeWardenier & Puthli (2011)) because
sometimes it is either contradictory or not clear.

2.9 Multiplanar joints

For CHS multiplanar joints a reduction factor of 0,9
is given for KK joints. Research by Liu & Wardenier
(2001, 2003) showed that the reduction is caused by
a larger chord load in a KK joint if compared to the
chord load in a uniplanar K joint. This effect is not
included in the chord prestress function kp since in

EN 1993-1-8, for CHS joints, np is still based on the
preload.
In Tables 7.7 and 7.19 of EN 1993-1-8, it should

be indicated that the reduction factor μ only applies
for chord plastification (CHS) or chord face failure
(RHS).
In Table 7.19, for RHS joints, the validity has to be

changed from 60◦ ≤ϕ≤ 90◦ to ϕ= 90◦ ± 5◦ because
no evidence exists for angles ϕ< 90◦. To avoid misin-
terpretation, for KK joints with h0 = b0 the interaction
equation in the gap should be replaced by:

where

3 ITEMS RELATED TO THE EXTENSION OF
THE RECOMMENDATIONS TO S460

In the previous ENV version of Eurocode 3, the valid-
ity of the design rules for Hollow Section Joints was
limited to steel S355. Since only limited experimental
evidence was available from CHS joint tests in Japan,
Germany and the Netherlands, an evaluation of the
data and an additional numerical study for RHS K
joints was carried out by Liu & Wardenier (2004). It
was found that due to the relatively increased defor-
mations when using a deformation limit of 3% d0 or
3% b0 (Lu et al. 1994), for the chord face failure cri-
terion, a correction factor of 0,9 should be used for
the strength. Also, considering the lower ductility of
S460, it was decided by commission IIW-XV-E to use
this factor in general for all criteria. This factor is
already incorporated in EN 1993-1-8 through the Cor-
rigenda. Recently, this factor 0,9 has been confirmed
from research by Puthli et al. (2009).
However not yet included is chord side wall buck-

ling due to out-of-plane bending moments on the
brace; here the same buckling coefficient should be
applied as that for brace axial load. For brace in-
plane-bending moments, no experimental data exists
for chord side wall buckling for S460.Therefore, for X
joints under brace in-plane bending, it is proposed to
adopt the same buckling stress as that for axial loading
and bending out-of-plane. Since for T joints, based on
tests inKarlsruhe (Mang et al. 1983), no buckling coef-
ficient was applied for steels up to S355, the authors
of the IIW (2009) recommendations assumed that the
limitation of class 2 sections with a 14% lower h0/t0
limit for S460 than for S355, in combination with the
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reduction factor 0,9 covered the higher buckling sen-
sitivity for S460.As a result, no correction is proposed
for T joints loaded by in-plane-bending moments.
In summary: to cover the validity extension to S460

and to be consistent with Table 7.11 of EN 1993-1-
8, the equations for in-plane bending applied to RHS
joints, given in Table 7.14, should read:

Mip,1,Rd = 0, 5knfbt0(h1 + 5t0)2/γM5
fb = fy0 for T joints
fb = 0,8χfy0 for X joints
For out-of-plane bending moments, they should

read:

Mop,1,Rd = knfbt0(b0 − t0)(h1 + 5t0)/γM5
fb =χfy0 for T joints
fb = 0,8χfy0 for X joints
The above proposed corrections are in agreement

with the new recommendations of IIW (2009) and
CIDECT (2008, 2009).

4 CHORD STRESS FUNCTIONS FOR
CHORD IN TENSION

In the current EN 1993-1-8 and in the previous recom-
mendations of IIW (1989) and CIDECT (1991, 1992),
the chord stress functions for tension kp and kn are 1,0.
For CHS joints, this function was based on the results
of experiments by Togo (1967) and further analyses
by Kurobane (1981) on K joints using the “preload”
concept. For RHS joints, the chord stress function for
tensionwas based on the analysis byWardenier (1982).
For RHS K joints, the effect of high chord loads was
also verified by girder tests (de Koning & Wardenier
1979).
However, at that time, no chord deformation crite-

rion was used to limit the ultimate joint strength as
later adopted by IIW (Lu et al. 1994). Re-evaluating
the experimental tests using this deformation criterion
also shows that, depending on the geometrical param-
eters, joints with high chord tensile loads may have a
reduced strength.
In CIDECT programme 5BK for CHS joints (Van

der Vegte et al. 2001a, b, 2003), it was analytically
and numerically investigated whether the chord pre-
stress or the chord maximum stress was governing for
the joint behaviour. These investigations showed that
the maximum chord stress is the governing parameter,
which resulted in a complete reanalysis of the CHS
joint strength equations which are now incorporated
in the new recommendations of IIW (2009), Draft ISO
14346 (2009) and CIDECT (2008, 2009).
Also, detailed numerical studies on RHS joints

(Wardenier et al. 2007a, b) showed that large chord
tension loading may have a negative effect on the joint
strength of RHS joints.
Based on these research programmes, new simpli-

fied chord stress functions have been developed for

Table 1a. Current chord stress functions in EN 1993-1-8.

Compression Tension

CHS joints kp = 1− 0, 3|np| − 0, 3n2p kp = 1,0

RHS joints kn = 1, 3− 0, 4

β
|n| ≤ 1, 0 kn = 1,0

Table 1b. Chord stress functions in IIW (2009) and
CIDECT (2008, 2009).

Compression Tension

CHS joints kn = (1− |n|C1 ) kn = (1− |n|)0,2
RHS joints kn = (1− |n|C1 ) kn = (1− |n|)0,1

C1 = f(β) is not specified here
Note: for comparison, here, absolute values are used for n
and np because a compression stress is taken as negative in
the recommendations of IIW (2009), Draft ISO (2009) and
CIDECT (2008, 2009) and positive in EN 1993-1-8. In this
table, the EN 1993-1-8 symbols are used.

the recommendations of IIW (2009) and Draft ISO,
which were also adopted in the CIDECT (2008, 2009)
design guides. All are now based on the maximum
chord stress, thus solving the inconsistencies between
the previous functions,where either the chord prestress
parameter np was used for CHS joints or themaximum
chord stress parameter n for RHS joints.
Since the modifications for EN 1993-1-8 did not

permit the change of all equations, only those which
are really necessary are changed. Thus, for compres-
sion loading, no changes are proposed in the chord
stress functions in EN 1993-1-8, although using dif-
ferent parameters np and n for CHS and RHS joints is
still unsatisfactory and confusing.
However, for tension loading, modification of the

chord stress function is really necessary, which is
also independently concluded for CHS joints by Choo
et al. (2003, 2004, 2006), Voth & Packer (2010) and
Pecknold et al. (2000, 2001), as now included in the
offshore API rules (API, 2007).
Tables 1a and 1b show the chord stress functions of

EN 1993-1-8 and those of the new recommendations
of IIW (2009), Draft ISO (2009) and CIDECT (2008,
2009).
The function kn = (1− |n|)0,10 for RHS joints is, in

general, a lower bound for the test results for RHS K
joints. For CHS joints, the exponent is 0,20. A more
refined and less conservative approach, depending on
the joint parameters β and γ and the type of joint,
is possible but this will result in more complicated
functions or separate functions for the various types of
joints. For example, Figure 4 shows a less conservative
lower bound for RHS K gap joints only.
Due to the more sensitive nature of T and X joints

for chord loading, a more conservative function has
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Figure 4. Comparison of numerical data vs. equations kn
for RHS K gap joints with chord tension (dotted, straight line
is the approximation for the CHS X joint data in Figure 5
which is proposed also to be adopted for RHS X joints).

Figure 5. Comparison of numerical data vs. IIW (2009)
(dotted line) and proposed equations kp = 1− 0, 5n2p for CHS
X joints and kn = 1, 2− 0, 6|n| for RHS X joints, all with
chord tension.

to be adopted for these joints. Since limited relevant
data is available (Yu, 1997), for RHS T and X joints a
similar reduction is proposed as for CHS X joints (see
Fig. 5) but expressed as a linear function, consistent
with the chord stress function used in EN 1993-1-8 for
RHS joints subjected to chord compression.
In the new IIW/CIDECT (2009) recommen-

dations, the chord stress factor, accounting for the
effect of chord tension in RHS joints with a longi-
tudinal plate (km in EN 1993-1-8), is taken equal to
the chord stress factor for RHS chord joints with CHS
or RHS braces (kn in EN 1993-1-8). This can also be
adopted inTable 7.13 of EN 1993-1-8, i.e.: km = kn for
T and X joints, but for compression kn ≥ 1,3(1− |n|).
As shown in Figure 5, the quadratic and linear

approximations for X joints proposed for EN 1993-
1-8 are well in line with the equation adopted in IIW
(2009) and CIDECT (2008).
For CHS K joints, the effect of the brace load com-

ponents in the chord is already included in the joint
strength function, thus the determination of kp for
chord tension loading should be based on np. Evidence
for this analysis can be found in Van der Vegte et al.
(2003), Choo et al. (2003, 2006) and Pecknold et al.
(2000, 2001).

Figure 6. Comparison numerical data vs. proposed equa-
tions kp for CHS K gap joints with chord tension at both
sides.

Table 2. Proposed chord tension (pre)stress functions for
EN 1993-1-8.

Proposed chord tension (pre)stress function

CHS joints T and X joints kp = 1− 0, 5n2p
K joints kp = 1− 0, 3n2p

RHS joints T and X joints kn = 1, 2− 0, 6|n| ≤ 1, 0
K joints kn = 2, 6− 2|n| ≤ 1, 0

However, Choo et al. (2003, 2006) used an energy
criterion for limiting the chord deformation which
is slightly more conservative (smaller deformations)
than the 3%d0 limit adopted by IIW,whereas Pecknold
et al. (2000, 2001) used Yura’s deformation criterion
which allows considerably larger deformations. Fur-
ther, in themodels used, the end conditions of the chord
also deviate. This is why the numerical data ofVan der
Vegte et al. (2003) for K gap joints with tension at both
sides of the joint and based on the 3% d0 deformation
limit are used here to determine the parameter kp for
chord tension, see Figure 6.
Caseswith chord compression at one side and chord

tension at the other side of the joint are slightly more
favourable and not shown in Figure 6, but for those
cases, the kp factor varies from 0,7 to 1,0. For consis-
tency with the kp functions for chord compression, for
CHS joints simplified quadratic chord stress functions
for chord tension are proposed to be incorporated as a
correction in EN 1993-1-8.
Table 2 summarizes the corrections for the chord

stress functions for chord tension proposed for
EN 1993-1-8.

4.1 Discussion

Although all numerical investigations of the last ten
years show an effect for chord tension loading of hol-
lowsection joints, the chord tensile stress reductionhas
not yet been advocated by CIDECT for incorporation
in EN 1993-1-8.
In addition to the directly related CIDECT investi-

gations, also independent numerical investigations by
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Figure 7. Comparison of the numerical data of Voth &
Packer (2010) for plate-to-CHS joints under chord tension
with the chord stress equation recommended by IIW (2009)
and CIDECT Design Guide No. 1 (2008).

Figure 8. Comparison of the experimental data vs. proposed
chord stress equation for RHSKgap jointswith chord tension
at both sides (joints inGirder III of CIDECTprogrammeQg –
Report 5Qg-79/5).

Pecknold et al. (2000, 2001) on CHS joints, Choo et al.
(2003, 2006) on CHS joints, andVoth& Packer (2010)
on plate-to-CHS joints (see Figure 7) came to similar
reductions for the joints investigated.
Besides the numerical investigations, the girder

tests of CIDECT programme 5Qg by de Koning &
Wardenier (1977) were re-evaluated.
Figure 8 shows the experimental results of four

girder tests (K joints) of CIDECT program 5Qg, re-
analysed based on the 3% b0 deformation limit. There
is one deviating lowpoint of Joint J3 of girder IIIwhich
requires amore detailed analysiswith a numerical sim-
ulation; all other results fully agree with the proposed
influence function in Figure 4 based on the numeri-
cal data, thus confirming the proposed reduction for
chord tensile loading.
At present, CIDECT has proposed to postpone

introducing the chord tension functions in EN 1993-1-
8 (until the next amendment of the Eurocode), because
they have funded a research programme to provide
more experimental data to refine the above-mentioned
chord tensile stress effect.

Figure 9. Load deformation diagrams of the joints in Girder
III of CIDECT programme 5Qg (Report 5Qg-79/5).

Figure 10. Stress distribution at failure in Joint J5 of Girder
III of CIDECT programme 5Qg.

4.2 Effects and consequences of ignoring chord
tensile stress functions

Figure 9 shows the original load deformation diagrams
for Girder III of CIDECT program 5Qg where, for the
two K gap joints J3 and J5 subjected to chord tension,
the curves have been highlighted.
It shows that for Joint J5, at failure, the chord inden-

tation was 7,2%b0. In the figure, the design strength
is also shown as 0,82 times the mean ultimate strength
as well as a possible serviceability strength with an
average load factor of 1,43 (load factor varies between
1,35 and 1,5).
It is clearly shown that if the chord tensile effect is

not included, even at serviceability, the joint is in the
non-linear range.
Figure 10 shows, for Joint J5 of girder III, the

stresses in the members at failure. Due to the redistri-
bution of the secondary bending moments, the chord
face starts to yield at an early stage and at the time of
reaching the full yield load in the chord, the strain in
the chord face increases to 6,3 εe, which is very high.
In summary:
Large deformations in the joints may have a detri-

mental effect on the deformation of girders with a
possible effect of ponding, permanent deformation
under service load, and on second-order effects of
built-up columns (stability).
The large strains, and potentially being in the plastic

region at serviceability load could have a detrimental
effect on (unexpected) low cycle fatigue effects and on
(unexpected) seismic loading.
Further, the large strains in combination with strain

concentrations may especially be detrimental in case
of high strength steels.
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5 OVERLAP JOINTS

Through the corrigenda ofEN1993-1-8, a note is given
in the various clauses (although not yet included in
all relevant tables) that for overlaps exceeding λov,lim
the connection between braces and chord has to be
checked for shear.
Detailed informationwith all equations for all types

of overlap joints canbe found in IIW(2009),Wardenier
(2007c), Qian et al. (2007), Wardenier et al. (2008),
Packer et al. (2009), Wardenier et al. (2010a, b) and
Puthli et al. (2011).
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SYMBOLS

CHS circular hollow section
RHS rectangular hollow section
C1 coefficient used in the chord stress function
Mip,1,Rd design resistance of a joint expressed

in terms of in-plane moment in brace 1
Mop,1,Rd design resistance of a joint expressed

in terms of out-of-plane moment in brace 1
N0 design axial chord load
Ni,Ed design force in brace i for the ultimate

limit state
Ni,Rd design resistance of a joint expressed in

terms of axial load in brace i
Ni axial load in member i (i= 0, 1, or 2)
Ov overlap
V0,Ed resulting design shear force in the gap
b0 external RHS chord width
bi external RHS brace width (i= 1 or 2)
di external CHS brace diameter (i= 1 or 2)
fb buckling strength of the chord side wall
fyi yield strength of member i (i= 0, 1 or 2)
h0 external chord depth
hi external RHS brace depth (i= 1 or 2)
kn chord stress function (RHS joints)
kp chord prestress function (CHS joints)
n non-dimensional chord stress ratio based on

maximum chord load
np non-dimensional chord prestress ratio based

on chord preload
r inside corner radius of an RHS section
t wall thickness of an RHS section
β width ratio between braces and chord
γ half width- or diameter-to-thickness ratio of

the chord, γ = b0/2t0 or γ = d0/2t0
εe strain at yield

η ratio of the brace member depth to the chord
diameter of width, η= h1/d0 or η= h1/b0

θi angle between brace member i and the chord
λov overlap
λov,lim overlap for which shear between braces and

chord connecting face has to be checked
μ reduction factor for chord plastification in

multiplanar joints
φ out-of-plane angle between braces in

multiplanar joints
χ buckling coefficient according Eurocode 3
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Nonlinear formulation for tubular X-joints in frame analysis
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Department of Civil and Environmental Engineering, National University of Singapore, Singapore

ABSTRACT: This paper presents a set of new joint formulations to describe the load-deformation charac-
teristics for Circular Hollow Section (CHS) X-joints under monotonic brace axial compression. The proposed
formulation couples the ultimate joint strength with the nonlinear deformation to determine the resistance of
the joint at varying levels of the applied displacement. The ultimate joint capacity used in the current formu-
lation follows the mean strength equations in the latest IIW recommendations, while the geometric-dependent
parameters derive from regression analyses of a calibrated finite element investigation covering a practical range
of joint parameters. This proposed formulation for CHS X-joints also includes the redevelopment of the joint
strength at the contact of two opposing brace members under compression. The experimental results from the
large-scale 2-D and 3-D frame tests validate the accuracy of the proposed formulation, which is implemented in
a nonlinear pushover analysis as user-defined joint-spring elements.

1 INTRODUCTION

Numerous installed offshore platforms especially of
jacket types have reached their twenty years design
life. For obvious economic reasons, operators decide
to proceed with these structures’ exploitation (API
2000). Thus, the reassessment of these older platform
structures requires advanced nonlinear frame analy-
ses, which should include an accurate description of
the local joint response under overloading conditions.
Conventional analytical models assume that tubu-

lar members are rigidly connected to each other at the
intersection. However, joints may show considerable
flexibility in the elastic as well as the elastic-plastic
range, which may cause excessive deflections and
different internal force distributions in the structure
(Bouwkamp 1981). A precise analytical joint model
requires the capability not only to simulate the lin-
ear flexibility of the joints, but also to incorporate the
joint nonlinearity and joint capacity into the overall
nonlinear behavior of the offshore platform.
The phenomenological representation of the criti-

cal joint behavior through the user-defined nonlinear
joint springs, as schematically represented in Figure 1,
allows incorporation of the nonlinear joint behav-
ior in the global frame analysis. Previous researchers
develop their joint formulations either by a perfect
elastic-plastic spring (Ueda et al. 1986) or by a piece-
wise linear load-deformation curve (Choo et al. 2005).
The joint industry-university project, led by a UK
company, developed a joint formulation, namely the
MSLformulation (Dier&Hellan2002),which encom-
passes the interaction of the chord and brace loads in
the joint response. Many researchers have also derived

Figure 1. Joint spring representation in the global frame
analysis.

the flexibility parametric formula for various types of
joints based on either experimental tests (Fellser et al.
1986) or the finite element (FE) analysis (Efthymiou
1985, Hellan 1995, Chen et al. 2001).
This study develops a complete representation of

the nonlinear joint behavior, which predicts closely the
load-deformation responses for CHS X-joints based
on their geometry and material properties using a
continuous and smooth curve. The proposed joint for-
mulation predicates on results from calibrated finite
element analyses. The nonlinear pushover analysis,
performed in the numerical tool USFOS (an acronym
for Ultimate Strength for Frame Offshore Structure)
proves the validity of the proposed formulation by
using a nonlinear joint spring in the pushover anal-
ysis for 2-D and 3-D space frames (USFOS 2001), as
shown in Figure 1.
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Table 1. Geometric parameters of the X-joint specimens in
the reported test.

Joint d0(mm) β γ α τ θ

X-joint 408 0.6 20 12 1 –

2 JOINT FORMULATION

2.1 Verification of nonlinear FE analyses

Calibrated numerical analyses provide an economical
alternative to develop the extensive database needed
for the load-deformation formulation of the X-joint.
This section verifies the accuracy of the elastic-plastic
load deformation finite element analysis based on the
experimental results for CHSX-joints, reported by van
der Vegte (1995). Table 1 lists the geometric dimen-
sion for the joint specimen, where the β ratio indicates
the ratio of the brace diameter over the chord diam-
eter. The γ value stands for the chord radius to the
chord wall thickness ratio. The parameter α refers to
the chord length to the chord radius ratio and τ denotes
the ratio of the bracewall thickness over the chordwall
thickness.
The elastic-plastic, large-deformation analysis uti-

lizes the general-purpose finite element package,
ABAQUS (2010). The finite element models employ
the twenty-node solid elements with reduced inte-
gration (C3D20R from ABAQUS element library).
The adoption of solid element allows more accurate
representation of the weld profile which follows the
specifications in AWS (2010).
Figure 2a shows the X-joint reported by van der

Vegte (1995), which fails by extensive plastic defor-
mation in the chord wall around the brace-to-chord
intersection under brace axial compression. The finite
element mesh, shown in Figure 2b, is generated from
an automatic procedure developed in the Patran Com-
mandLanguage (Qian, et al. 2002).The chordmember
employs four layers of 20-node quadratic brick ele-
ments over the thickness. Figure 2c plots the uniaxial
true stress versus the true strain relationship mea-
sured during the experiment (Van der Vegte, 1995).
The welds assume the same material properties as
the incoming brace member. The numerical procedure
applies a displacement-controlled loading at the end
of the brace to facilitate numerical convergence near
the peak of the joint resistance.
Figure 3 demonstrates the close agreement between

the experimental load-deformation response of the
CHS X-joint and that from the FE analysis. The defor-
mation plotted in Figure 3 refers to the displacement
measured at the end of the brace member.

2.2 X-joint behavior

The current study includes extensive finite element
analyses of the X-joint under brace axial loading,
following the same procedure discussed above. The

Figure 2. (a) Configuration of a CHS X-joint; (b) finite
element mesh; and (c) uniaxial stress-strain curves for the
steel.

non-dimensional joint parameters considered in the
parametric study covers a β ratio from 0.3 to 1.0 and
a γ ratio from 7 to 25. The numerical analyses form
the database to develop the nonlinear joint formula-
tion.The understanding on the typicalX-joint behavior
under brace axial compression provides the key infor-
mation needed for the joint formulation, especially
the evolution of the joint resistance near and after the
ultimate joint capacity.
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Figure 3. Comparison of the load-deformation response of
the X-joint computed from the FE analysis and that recorded
in the test.

Figure 4. Typical load-deformation curves for an X-joint
under axial brace compression.

Figure 4 shows the typical load-deformation curve
for an X-joint under the brace axial compression.
Except for very thick-walled chords (Choo et al.
2003), theX-joint under brace axial compression often
exhibits a peak load as the deformation increases. The
joint resistance decreases gradually after the peak load
as the plastic deformation propagates in the chordwall.
The load-deformation characteristics of the X-joint

depend significantly on the geometric parameters,
measured by the non-dimensional parameters β and
γ , which affect significantly the amount of membrane,
shear and bending actions generated in the wall of the
chord member. Based on the plastic hinge model pro-
posed byTogo (1967), plastic hinges form at the saddle
point and the middle point of the chord cross section
when X-joint achieves the peak load. The load trans-
fer mechanism changes as the β ratio decreases from
1.0. For a joint with a small β ratio, the chord wall
around the brace-to-chord intersection area undergoes
membrane, bending and shearing actions. As the β
ratio increases, the two braces become closer in loca-
tions and the load transfer thus depends more on the

membrane action in the chord wall between the two
braces.
The transverse shear action becomes negligible over

the wall thickness of the chord for thin-wall joints with
a large γ value. The joint strength depends, therefore,
mainly on the interaction of bending and axial stresses.
For thick-wall joints with a small γ value, the trans-
verse shear also contributes to the joint strength. The
load transfer in the joint does not depend solely on
the bending and axial stresses in the chord wall. Con-
sequently, the load decreases after the plastic hinges
form is not as quick as that for thin wall joints with a
large γ ratio.

2.3 Proposed joint formulation

The proposed joint formulation aims to cover three
important stages of the X-joint behavior, the initial
response represented by the stiffness of the joint,
the ultimate resistance of the joint and the post-peak
response of the joint. The proposed load deformation
assumes,

where P refers to the non-dimensional load, or,

and Pu indicates the non-dimensional ultimate load
with P=Pu in Equation 2. The parameter fy in Equa-
tion 2 denotes the yield strength of the chord material,
t refers to the thickness of the chord member, and
θ measures the intersection angle between the brace
and the chord, the δ in Equation 1 represents the
non-dimensional deformation of joint,

where d0 indicates the outer diameter of the chord.
By expressing f (Pu) as a linear function of the non-
dimensional load and g(δ̄) as a logarithmic function
of the non-dimensional displacement, the final joint
formulation follows,

The values of A and B demonstrate strong dependence
on the geometric parameter of the joint.
The current approach utilizes the mean strength

equations in the latest IIW (2009) recommendations
for Pu,

Equation 5 defines the non-dimensional ultimate
strength for X-joints under axial brace loading. The
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Figure 5. (a) Representation of the strength redevelopment
inX-joint; and (b) comparison of the deformation level corre-
sponding to the strength redevelopment between FE analysis
and Equation 6.

effect of the chord axial force could also be reflected
in Pu by the incorporation of f (n′), where n′ denotes
the chord force level.
For X-joints under axial compression loading,

BOMEL 2D and 3D frame tests (Bolt et al. 1994,
Bolt & Billington 2000) demonstrate that a re-
development of the joint strength occurs at a large
deformation level due to the direct contact of the com-
pression braces, as shown in Figure5a. The re-gained
strength level equals the brace yield strength, which
corresponds to the brace deformation δ= 0.5d0. The
initialization of the strength re-development depends
on the β ratio. The displacement level, δi, at which the
initial contact of the two braces occurs, becomes,

where δi measures the vertical distance of the chord
inner surface near the saddle point, along the mid-
thickness of the brace wall. The angle ψ equals,

The angle ψ defines an angle formed by the radius
of the chord, passing through the intersection between

Table 2. Coefficient in the proposed formulation for
X-joints.

Proposed/FE

No.

Standard of

Coefficient Formula Mean Deviation data

A 0.27β5.2γ (2.5β
2−7.5β+4.3) 1.00 0.08 30

B (233γ3.24β − 40γ + 820)β0.6 1.01 0.09 30

C 1.00 1.00 0.02 30

the chord inner diameter and the mid-thickness of the
brace, against the horizontal, as shown in Figure 5b.
Figure 5b compares Equation 6 and the δi computed

from a half-symmetric FE model, which includes
the contact between the opposite inner surfaces of
the chord. The contact algorithm implemented in
ABAQUS (2010) does not allow self-penetration
between the inner surfaces of the chord. The discrete
symbols in Figure 5b corresponds to the displacement
level, at which the joint resistance starts to increase
again after the gradual decrease caused by extensive
plastic deformations observed in the chord material.

2.4 Regression analysis

The proposed formulation in Section 2.3 includes
two parameters, A and B to be determined from a
regression analysis. The regression analysis used to
determine the values of A and B utilizes the numerical
load-deformation data prior to the contact of the two
compression braces, since the joint formulation (the
bilinear model shown in Figure 5a) after the contact of
the two braces is independent of the joint formulation
in Equation 4.
Table 2 shows the geometric-dependent formula-

tions of A and B determined from a nonlinear regres-
sion procedure (Greenwood & Nikulin, 1996). The
finite element results used in the regression analysis
consist of 30 elastic-plastic, large-deformation anal-
yses on CHS X-joint. The current parametric study
includes six β ratios: 0.3, 0.6, 0.9, 0.93, 0.96, and
1.0; as well as five γ ratios: 7, 10, 15, 20 and 25.
The corresponding formulation for A and B demon-
strates a close agreement with the discrete values
obtained using the FE results, as shown by the small
standard-deviation values. Figure 6 illustrates the good
comparison between the load-deformation curves pre-
dicted by the proposed joint formulation and those
computed from the large deformation, elastic-plastic
FE analysis for four typical CHS X-joints. Qian et al.
(2011) demonstrate that both the initial stiffness and
the deformation level corresponding to the ultimate
limit state derived from the proposed formulation
(Equation 4) agree closely with the results reported
by previous researchers (Choo et al. 2005, Lu et al.
1994).
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Figure 6. Typical comparison of the proposed
load-deformation formulation with the FE results for
CHS X-joints with: (a) β= 0.6, γ = 10; and (b) β= 0.9,
γ = 20.

3 VALIDATION OF THE PROPOSED
FORMULAITON IN FRAMEANALYSIS

This section proves the robustness of the proposed
joint formulation through the nonlinear pushover anal-
ysis performed on 2-D and 3-D frames designed with
weak joints. The pushover analysis employs USFOS
to incorporate the nonlinear joint behavior as user-
defined nonlinear spring elements between the brace
member and the chord member. USFOS represents
each individual member in the structure based on the
exact solution of the beam-column governing equation
subjected to end-forces. This allows accurate repre-
sentations of each physical member with a single
element. The element formulation utilizes the large-
deformation theory and includes the plastic hinge
and material nonlinearities (USFOS 2001). The cur-
rent study benchmarks the proposed joint formulation
against the large scale 2D and 3D frame tests reported
in the joint industry project (Bolt et al. 1994, Bolt &
Billington 2000).

3.1 BOMEL 2D frame

Bolt et al. (1994) conducted an experimental study
of two series of 2D large-scale frames under static

Figure 7. Configuration ofBOMEL2D frames: (a) Frame I;
and (b) Frame II.

loading. This study focuses on three out of the six
X-joint frame tests reported by Bolt et al. (1994). Fig-
ure 7 sketches the detail configuration of the X-braced
frames Frame I and II. Frame III has a similar con-
figuration as Frame I, except that the mid-horizontal
member in Frame I is absent in Frame III.
The design of X-frames follows essentially the

same configuration representative of offshore jacket
structures. The study tests the frames in plane, pin
connected at the base to the triangulated test rig and
supported by six primary leg joints representing the
restraint of out-of-plane bracing.The test arrangement
applies a horizontal load incrementally at the top of the
frame.
The calibration process contains three types of joint

formulation for each frame analysis: 1) the rigid joint
analysis, 2)MSL joint formulation available inUSFOS
(2001), and 3) the proposed joint formation. The rigid
joint analysis is often the default assumption adopted
by practicing engineers in the design procedure. The
MSL formulation (Dier & Hellan 2002) represents an
advanced joint formulation recently developed by the
research project led by MSL. All the modeled frames
employ different joint assumptions for critical joints,
with the default rigid joint assumption for the other
joints.

3.1.1 Frame I
Frame I is designed with strong high yield joint cans
at both top and bottom bays and a mid-height hor-
izontal member. Figure 8a compares the numerical
analysis and the test results for Frame I, where top bay
compressive member buckling dominates the frame
strength.The different analyses do not shownoticeable
differences in the failure mechanism. The proposed
formulation gives a slightly better agreement with the
test result.
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Figure 8. Comparison of the global load-deformation
response between numerical analysis and experimental
records for: (a) Frame I; (b) Frame II; and (c) Frame III.

3.1.2 Frame II
Frame II employs a weak joint can at the top bay
to investigate the load shedding and redistribution.
Figure 8b compares the global response for Frame
II, where the top bay X-joint is the critical compo-
nent. The compression X-joint gradually softens until
the peak capacity is achieved. The X-joint re-gains
strength due to the contact of the two braces under a
large deformation level. The global load sustained by
the framecontinues to increase until the bucklingof the
top bay compression brace followed by the buckling
the lower bay compression brace.

The rigid joint assumption leads to an incorrect
prediction of the joint response. The MSL formula-
tion shows the softening of the X-joint in accordance
with the test results. However, a deformation limit
for the joint in the MSL formulation limits the max-
imum deformation a joint can sustain. Therefore, the
MSL formulation does not capture the top bay brace
buckling in the Frame II test. The proposed joint for-
mulation predicts both the softening of the CHS joint
due to plastic deformations in the chord wall and the
re-strengthening of the X-joint at a large deformation
level.The predicted frame response using the proposed
joint formulation thus reflects correctly the buckling
failure of the test frame, at a slightlymore conservative
load level compared to the test result.

3.1.3 Frame III
Without the horizontal member, Frame III shows a
similar ultimate strength level as compared to Frame
I, as shown in Figure 8c. The absence of the hor-
izontal member generates more significant load re-
distribution and the load from the top bay passes
directly to the bottom bay compression brace. This
causes an earlier buckling of the bottom bay member
after the buckling of the top bay brace.The frame anal-
ysis based on the proposed joint formulation provides
a better prediction on the global frame response than
the analysis using theMSL formulation and that based
on the rigid joint assumption.

3.2 BOMEL 3D Frame

Bolt & Billington (2000) report a series of large-scale
3D frame tests. Figure 9 shows the configuration of the
3-D frame. The test specimen is a double-bay frame,
consisting of six vertical legs. As shown in Figure 9a,
the six leg test structure is rotated onto its side to enable
loads to be applied from and reacted to the ground.
The test program includes three load cases on the

frame. The current paper focuses on the comparison
of Load Case II, in which the X-frame panel (Panel
E) forms the primary load path in the structure, as
illustrated in Figure 9b.
InLoadCase II, the rearX-braced panel alongPanel

E experiences a vertical load. The softening of the
X-joint in Panel E leads to a ductile frame response.
Similar to Frame II in the 2D frame, the contact of the
two compression braces under large deformation leads
to the redevelopment of the joint strength and causes
the buckling the compression brace. The rigid joint
assumption over-predicts the frame resistance as the
X-joint softens, but under-predicts the frame capac-
ity at the bucking of the compression brace. The rigid
joint formulation provides a relatively smaller frame
capacity as the compression brace buckles at a very
small global deformation level. Both the MSL joint
formulation and the proposed joint formulation cap-
ture the response of the weak joint, as shown in Figure
10. For the MSL joint formulation, the limitation in
the deformation capacity terminates the global analy-
sis at a small deformation level insufficient to generate
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Figure 9. Configuration of BOMEL 3D frame test: (a) test
model; and (b) Load Case II.

Figure 10. Comparison of the global load-deformation
response between numerical analysis and experimental
records for BOMEL 3D test Load Case II.

buckling of the compression brace. In contrast, the
proposed joint formulation shows a good agreement
as compared with the test result.

4 SUMMARYAND CONCLUSION

The proposed joint formulation provides a conve-
nient approach to incorporate the nonlinear load-
deformation relationship for CHS X-joints in the
global pushover analysis. The parametric formula-
tion based on the joint geometry and loading con-
ditions eliminates the need for the elastic-plastic,
large-deformation finite element analyses. The veri-
fication using the reported experimental study proves
the accuracy of the proposed formulation.

The comparison of the frame analyses using dif-
ferent joint formulation with the experimental frame
data demonstrates the significance of the nonlin-
ear load-deformation joint behavior in the frame
response, especially for simple 2-D frames with low
redundancy. The rigid joint assumption leads to com-
pletely different failure modes in a frame with weak
joints. The proposed joint formulation, implemented
as joint-spring elements in the frame analysis, pro-
vides a close prediction on both the failure modes and
the ultimate frame capacity for 2-D and 3-D tested
frames.
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Numerical and analytical investigation of geometrical imperfections
on adhesive bonded cast steel – steel joints
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ABSTRACT: Hollow and tubular sections are used as structural members in buildings and bridges as well as
in crane and wind energy plant constructions. Tubulars have until now been mainly connected by welding.When
subjected to fatigue loading, fatigue cracks often initiate at the internal – in many cases inaccessible – root areas
of weld seams. Adhesive bonded joints between cast steel nodes and steel hollow sections can be a solution for
such problems. Adhesive bonding of two cylindrical components such as a steel tube and a cast steel node can
be realized by building an overlap joint. Inserting the two parts of different diameter into one another results in
a tubular gap between external and internal members. This resulting adhesive gap size depends on dimensional
tolerances of the components.Additionally, the influence of geometrical imperfections such as out of roundness,
centerline eccentricity and canting on the bearing behavior is investigated.

1 INTRODUCTION

Due to aesthetic and structural advantages, hollow
section steel frameworks open new possibilities of
application. The main applications of hollow section
steel frameworks are in bridge, crane and offshore
structures, as well as long-span roof structures such
as exhibition halls and stadiums.
A key factor contributing to the durability of hol-

low section frameworks under fatigue loadings is the
design of the joints, including the details of the welds.
Under fatigue loading, cracks inwelded hollow section
frameworks mainly occur in the joint area. In con-
trast to the static framework model with ideal hinges,
the joints between the members are in reality rigidly
connected, resulting in secondary bending stresses.
Moreover, stress concentrations from the notch geom-
etry appear. As a result, secondary bending stresses
and stress concentrations superimpose to the nominal
stresses. For this reason, framed joints are analyzed
semi-empirically, by considering stress concentrations
(hotspot-strain/-stress).
Based on important developments in new cast steel

materials, hollow section joints can be constructed
using cast steel parts, see Figure 1. There is no assem-
blymethod that offers a comparable variety ofmaterial
choices regarding strength, toughness, corrosion resis-
tance and wear resistance.The predominant advantage
of cast steel parts is the almost arbitrary geometrical
design of the components. This allows a smoother ten-
sion flow and a reduction of stress peaks resulting from
notch effects of sharp corners, edges, abrupt varia-
tions ofwall thicknesses andother constructiondetails.

Figure 1. Alternative joint design: a) direct welding of tubes
b) cast joint.

Furthermore, the possibility of arbitrary geometries
allows an optimized joint design that follows the
stress flow ideally and leads to more uniform stress
distributions.
In the past years, several bridge structures and

building constructions were realized using cast steel
components.
An important and innovative one, the central railway

station in Berlin, with the adjoining railway bridges
over the Humboldthafen, was inaugurated in 2006. At
the time, investigations concerning the cast-steel steel
joint were carried out at the research center for steel,
timber and masonry at Karlsruhe Institute of Tech-
nology (KIT). These bridges were one of the biggest
construction projects where the supporting elements
were completely composed of cast steel.
Cast steel joints are also used in mechanical engi-

neering, in the automotive industry in medical engi-
neering to name just a few. Examples in the area of
mechanical engineering are the connection parts of
rotating tower cranes.
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2 STATE OF THEART

2.1 Structural steel engineering

The first fundamental research in the design of hol-
low section joints started in the middle of the 1960s
in Europe. The basis for the preparation of the DIN
18808 [3] in 1984 in Germany was the research of
Mang and Bucak at the research center for steel tim-
ber and masonry.Within the scope of the development
of EN 1993-1-8 [5] and EN 1993-1-9 [6] results
of international investigations were summarized and
considered.
In the context of the European offshore research

program, at the end of the 1970s and the beginning of
the 1980s, different long-term investigations of struc-
tures subjected to fatigue loadings were performed.
Those investigations resulted in the further develop-
ment of design methods for structures subjected to
fatigue (stress concentration factor (SCF) and strain
concentration factor (SNCF)). The state of the art in
this field of application is listed in the Design Guides
8 [1] and 9 [2] ofCIDECT (world association of hollow
section producers).
Within the FOSTA research project “P591 – hollow

section road and railroad bridges”, investigations on
single-side welded butt joints between cast compo-
nents and hollow sections [7] were performed at the
ResearchCenter for Steel,Timber andMasonry atKIT.
Themain focus was the investigation and optimization
of lattice girder joints subjected to fatigue loading,
with dimensions specific to bridge constructions.
During the research project, it was observed that

the fatigue cracks of specimens subjected to tensile
stress always started from the weld root. As cracks
become visible only at an advanced state of the crack
development, they are detected far too late during
planned inspections. This implies that visible cracks
appear only once the crack has penetrated through the
whole wall thickness and has affected large areas of
the cross section of the tube. More than others this
failure mechanism is particularly insidious because it
can be detected only at a very advanced state. Thus,
higher safety measures are required during the design
process such as a classification in low FAT classes.

2.2 Automotive industry

In the building industry, structural adhesive bonding
is rarely carried out, because of a lack of suitable
design methodology. In contrast, structural adhesive
bonding is frequently used in the safety relevant areas
of car bodies for many years. The adhesive bonds are
proven to be reliable and fully functional [12] through-
out the lifetime of an automobile. In the automotive
industry, structural adhesive bonding with cylindrical
joint geometries predominantly occurs in the design
of a shaft to collar connection. The optimal design
of bonded shaft to collar connections is discussed in
numerous publications [13, 15].
Generally, in the area of shaft to collar connec-

tions, high-strength structural epoxy resin adhesives

Figure 2. Schematic design of an adhesive injection accord-
ing to Schlimmer [15]; descriptions translated by authors.

and anaerobic hardening adhesive systems are applied
using joint gap thicknesses of about 0.1mm. There-
fore the knowledge gained here cannot be transferred
directly to cast steel-steel bonded joints in the building
industry where tolerances are significantly greater.

2.3 Manufacturing technology

In the project “Process-reliable bonding of cylindri-
cal connectors made of metallic materials under harsh
manufacturing conditions (AIF 13455N)”, Schlimmer
[15] already developed concepts to join elements
made of stainless steel in structural applications, see
Figure 2.
During this research project, initially unsatisfac-

tory results with the adhesive application on the
lateral faces of the members in the overlap area led
to the development of a new method for adhesive
application, including a new injection unit.
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Using a specimen the basic suitability of the adhe-
sive injection has been shown. The dimensions of the
parts investigated by Schlimmer were about 0.2mm
gap size and 50mm tube diameter.
In Figure 2 the injection method according to

Schlimmer is shown as a combination of injection and
longitudinal joining. Inserting the two parts of differ-
ent diameter into one another results in a tubular gap
between external and internal members. Then, a fluid
two-component adhesive is injected from outside with
low pressure through an inlet bore filling the adhesive
gap. Limitations such as sealing washers prevent the
adhesive from leaking out of the adhesive gap region.
The fill level of the adhesive gap can be determined
using an outlet bore. Hardening of the two-component
adhesive takes place at ambient temperature.
In order to determine the mechanical properties,

quasi-static tension and torsion tests were performed
on the adhesive joints manufactured using the above-
mentioned injection method. The results were com-
pared to values for common joint specimens, showing
high joint strength.

2.4 Pipeline construction

Concepts in the area of pipeline construction pick up
the injection method described in [12] as a combi-
nation of injection and classical longitudinal joining.
Within the research project Join-Tec, two steel tubes
with a diameter of about 17 cm are bonded with the
injection method as a component of pipeline construc-
tion [8]. A pipe collar serves as an auxiliary joining
component.
For the arrangement of the tubes, a hydraulic inner

centering is applied. Thick film bonding is performed
using a two-component polyurethane adhesive. In
tests, the structural strength of the adhesive bond is
verified for load cases common in installation and
operation of the pipeline.

3 DIMENSIONAL TOLERANCES

3.1 Imperfections arising from production

As described in chapter 2, adhesive joints are normally
designed with an adhesive layer of thickness less than
one mm. In these dimensions, adhesive tests result in
high strengths and small elongations at fracture. How-
ever, such adhesive layer thicknesses are not feasible
for adhesive bonding of tubes in civil engineering.This
is due to dimensional deviations resulting from the
production process of hollow sections and associated
manufacturing imperfections. In order to be able to
make a statement about the expected thickness of the
adhesive layer, it is necessary to know the dimensional
tolerances of the adherents used. Therefore, standards
such as DIN EN 10210-2 [7] for hollow sections and
DIN EN ISO 8062-3 [9] for cast components set the
maximumallowable deviations from the perfect shape.
Circular hollow sections are produced indicating

nominal diameter, wall thickness, steel grade and
length.This results in possible differences between the

Figure 3. Possible geometric imperfections of hollow
sections.

ideal and real values of a circular hollow section as pre-
sented in Figure 3 for the cross-section. Combinations
of the three variants are the usual case.

3.2 Tolerances of cold finished, welded tubes

Cold finished, welded tubes can be produced in two
different ways. The first method is based on bending
steel plates to a hollow section in order to subsequently
weld their edges in longitudinal direction. The second
method is winding the plates helically and welding
them to a closed body at the edges.
The domain of application of longitudinally welded

tubes is the steel industry since they can be welded
more easily with other components. Table 1 pro-
vides the limiting deviations of manufacturer’s data
set by [7].

3.3 Tolerances of hot finished tubes

In the followingTable 2 the allowable dimensional tol-
erances for hot finished tubes according to DIN EN
10210-2 [8] are given:
Comparing Table 1 and Table 2 shows that the lim-

iting values only vary for the wall thickness T. This
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Table 1. Extract from DIN EN 10219-2 [7].

Hollow section with
Feature circular cross-section

Outside dimensions ±1%, with a minimum of ±0,5mm
(D, B und H) and a maximum of ±10mm
Thickness (T) For D≤ 406,4mm:

T≤ 5mm: ±10%
T> 5mm: ±0,5%
For D> 406,4mm:
±10%, with a maximum of ±2mm

Out-of-roundness (O) 2 % for hollow sections having
a diameter to thickness ≤100a

Straightness (e) 0,20 % of total length and 3mm
over any 1m length

Mass (M) ±6% on individual delivered length
aWhere the diameter to thickness ratio exceeds 100, the
tolerance on out-of-roundness shall be agreed.

Table 2. Extract from DIN EN 10210-2 [8].

Hollow sections with
Feature circular cross-section

Outside dimensions ±1%, with a minimum of ±0,5mm
(D, B und H) and a maximum of ±10mm
Thickness (T) −10%a,b
Out-of-roundness (O) 2 % for hollow sections with a ratio

of diameter to wall thickness ≤100c
Straightness (e) 0,20 % over the total length and

3mm per 1m of length

Mass (M) ±6% for the individual length
supplied d

aThe positive deviation is limited by the tolerance on mass.
bFor seamless sections thicknesses of less than 10% but not
less than 12,5%of the nominal thicknessmayoccur in smooth
transition areas over notmore than 25%of the circumference.
cWhere the diameter to thickness ratio exceeds 100, the tol-
erance on out-of-roundness shall be agreed.
dThe positive tolerance on the mass of seamless hollow
sections is 8 %.

is based on the fact that steel plates with a defined
thickness are the base material of cold finished tubes.
Deviations of thickness can be easily ascertained prior
to the manufacturing process. However, for seamless
manufactured tubes, the mandrel forming the hollow
space could be out of center (Figure 4) or even have
an out of roundness.
For hot finished tubes, the limiting upper value of

the wall thickness is given by the allowance of the total
mass.

3.4 Bonding gap thickness considering the
dimensional tolerances

For the determination of the bonding gap, the dimen-
sional tolerances are of high importance. Likewise, the

Figure 4. Deviating wall thickness.

definition of the adhesive layer thickness is of funda-
mental significance for the further investigation of the
adhesive bonded tubular joint. The joint between steel
tube and cast joint can be fabricated by two methods.
The first method is to slide the circular hollow section
on to and around the cast component, while the sec-
ond is to slide the hollow section inside the cast joint.
The choice of the method has a considerable influence
on the resulting deviations of the proposed bonding
gap thickness. Comparing Tables 1 and 2, there is
no difference in the allowable deviation of diameter
between cold and hot finished hollow sections. Fur-
ther, the essential difference is for the deviation of
the wall thickness for the latter. Thus, using hot fin-
ished hollow sections, the method inserting the hollow
section into the cast joint turns out to be the more
practical. Using cold formed hollow sections both
manufacturing methods are possible.
In order to determine the actual bonding gap thick-

ness, imperfections of the cast component must also
be considered. For this purpose, EN ISO 8062-4
[9] provides limiting values. However, these values
exceed the acceptable tolerances for the realization of
a bonded connection. For this reason, allowable geo-
metrical deviations linked with the deviations for the
hollow sections are also necessary for the cast compo-
nent. According to statements from steel foundries,
this dimensional accuracy can be achieved without
any problems either by foundry technology or by
mechanical post-processing.
The required tolerances are:
0.0mm<D≤ 101.6mm→ 0.5mm
101.6mm<D≤ 273.0mm→ 1.0mm
273.0mm<D≤ 406.4mm→ 1.5mm
406.4mm<D≤ 508.0mm→ 2.0mm
The deviation of the ideal adhesive gap is the sum

of two parameters:

D1 – Dimensional deviation of the hollow section
D2 – Dimensional deviation of the cast component

For a joint with a tube inserted into the cast node,
maximum values of deviations from the aspired bond-
ing layer thickness are typically presented in Table 3
for three tubular hollow sections.
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Table 3. Deviation of adhesive layer thickness.

Tube
Cast steel max. deviation
component acc. to Deviation
max. deviation DIN EN 10210 of adhesive

Tube acc. to steel and layer
diameter D foundry DIN EN 10219 thickness
[mm] [mm] [mm] [mm]

42.4 0.50 0.25 0.75
244.5 1.00 1.22 2.22
508.0 2.00 2.54 4.54

Figure 5. FE-Model of the shear stress in the adhesive layer.

Producing a joint with a planned adhesive layer
thickness of 5mm in, for example, a tube with
D= 244.5mm can lead to a maximum thickness of
7.22mm and a minimum thickness of 2.78mm.
Therefore, to sum up, the thin adhesive layers pro-

duced in the automotive industry cannot be achieved
for steel structures. Imperfections arising from the pro-
duction have a significant influence on the design of
the adhesive layer.

4 NUMERICALANALYSIS

4.1 Numerical model

The finite elementmodel used in the analyses is shown
in Figure 5. The numerical work was performed using
the ProgramANSYS 13.0. The thickness of the adhe-
sive layer is divided into ten elements. The perimeter
is divided into 150 elements.
For the adhesive layer, volumeelements (“Solid185”)

were used.
The numerical analysis is performed using a linear

elastic material law. Of course, this is a simplification.
In reality, adhesives exhibit a more complex material
behavior.
Nevertheless, to evaluate the qualitative changes in

the stress distribution due to geometric imperfections,
a linear elastic material law is adequate.This approach
is applied in several applications [11, 15].
In the numerical model, the steel tube is inserted

into the cast steel component. Therefore, the influence

Figure 6. Joint without geometrical imperfections.

Figure 7. Imperfection: Out of roundness.

of the wall thickness (T) of the steel tube described in
chapter 3 does not affect the adhesive layer.

4.2 Possible geometric imperfections

When inserting a tube into the cast steel node, several
geometric imperfections may influence the structural
behavior of the adhesive bonded cast-steel steel joint.
Figure 6 shows an ideal joint without geometrical
imperfections.
The following geometric imperfections have been

considered in the analyses:

4.2.1 Out of roundness
In chapter 3, it was discussed that the outer diame-
ter may differ from the ideal value by 1% at most. As
Figure 7 shows, these deviations can occur atmany dif-
ferent positions. Therefore, the diameter of the ellipse
shown in Figure 7 was set to a minimum and a maxi-
mum value. This results in a geometry in which both
limiting cases occur at the same time.

4.2.2 Centerline eccentricity
The imperfection “centerline eccentricity” describes
the eccentric joint shown in Figure 8. This type of
imperfection can result from incorrect installation or
during hardening of the adhesive.

4.2.3 Canting
Figure 9 shows a possible canting of the tubes. As
for the centerline eccentricity, this imperfection can
result from an incorrect assembly. In addition, disre-
garded imperfections such as centerline eccentricity
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Figure 8. Imperfection: Centerline eccentricity.

Figure 9. Imperfection: Canting.

Table 4. Mechanical characteristics of the numericalmodel.

Steel tube Adhesive

Young’s modulus 210 000MPa 2 000MPa
Poisson’s ratio 0.3 0.41
Shear modulus 80 769MPa 709MPa
Yield strength steel 355MPa –
Tensile shear strength – 12.5MPa
adhesive

can cause bending moments in the overlap area. Bend-
ing moments cause deformations of the flexible adhe-
sive layer resulting in a distortion of the tube. For the
finite element modeling, the center of rotation of the
hollow section is positioned at the center of the overlap
area.

4.3 Analysis of the shear stress distributions

In Table 4 mechanical parameters of the numerically
modeled connection are summarized. The mechanical
parameters for the adhesive correspond to the values
of an epoxy resin.
The geometrical dimensions of the model are listed

in the following:

• Diameter/wall thickness inner tube: 244.5/10.0mm
• Diameter/wall thickness outer tube: 274.1/9.8mm
• Thickness of adhesive layer in the numerical model:
5.0mm

Figure 10. Shear stress distribution in the adhesive layer of
the ideal geometry.

The adhesive layer thickness is based on the dimen-
sional tolerances and considers the manufacturing of
the joint using the adhesive injection method.
The overlapping lengthwas calculatedwith the sim-

plified approach of a constant stress distribution across
the overlapping length.

where l0 = overlap length; fy = yield strength; s=wall
thickness tube; τRd = shear strength.
The shear stress concentration in the middle of the

adhesive layer for the ideal geometry is shown in Fig-
ure 10. The shear stress concentration is calculated as
the ratio of the local element stresses and the nominal
stress in the overlap area.

4.3.1 Out of roundness
At first, the influence of the out of roundness imper-
fection on the shear stress distribution is investigated.
According to [7] and [8], a maximum deviation of the
diameter of ±1% is allowed. This results in an adhe-
sive layer thickness of ta,min = 5.00− 1.22= 3.78mm
and ta,max = 5.00+ 1.22= 6.22mm.
An evaluation of the shear stress distribution in the

center of the adhesive layer for the thin and thick
area results in the diagram shown in Figure 11. The
distribution of the perfect connection is presented as ta.
The maximum stress difference to the perfect tube

occurs in the area of the stress peaks and differs for
ta,max and for ta,min by about 20%.

4.3.2 Centerline eccentricity
In this case, the possiblemaximumdisplacement of the
neutral axis of the steel tube is 5.0mm. For this eccen-
tricity, the steel tube would be in direct contact with
the cast component. The successive stress distribu-
tions for the eccentricities of 1.0mm, 2.0mm, 3.0mm
and 4.00mm results in increasing stress as shown in
Table 5. Here, ta,max is increased by the magnitude of
the eccentricity and ta,min is reduced.
With a reduction of the adhesive layer thickness by

1.00mm, the maximum stress increases by 10% in the
thin area.While the shear stress with an adhesive layer
becoming thicker changes less, the stress in the area
becoming thinner increases exponentially.
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Figure 11. Shear stress distribution in the center of the
adhesive layer for ta,max/ta/ta,min (Out of roundness).

Table 5. Change in state of stress due to center eccentricity.

ta,max ta,min

Reduction Increase
to previous to previous
(original) (original)

Eccentricity τmax value τmax value
in mm [MPa] [%] [MPa] [%]

0 21.7 21.7
1.00 (20 %) 20.0 8,00 (8.00) 24.0 10,6 (10.6)
2.00 (40 %) 18.7 6,52 (14.0) 28.0 16,6 (28.9)
3.00 (60 %) 17.6 5,70 (18.9) 34.7 24,0 (60.0)
4.00 (80 %) 16.8 5,08 (23.0) 49.8 43,5 (129.5)

Figure 12. Increase of the stress maximum related to the
ideal situation (centerline eccentricity) (see Figure 8).

4.3.3 Canting
Compared to out of roundness and centerline eccen-
tricity, canting induces a change in the adhesive
layer thickness in both longitudinal and transverse

Table 6. Adhesive layer thickness due to canting.

Canting in % ta,max in mm ta,min in mm

0.0 5.0 5.0
22.5 6.1 3.9
45.0 7.3 2.8
67.5 8.4 1.6
90.0 9.5 0.5

Figure 13. Shear stress distribution in the center of the
adhesive layer for different inclinations (ta,min → ta,max).

directions. A varying adhesive layer thickness in lon-
gitudinal direction affects the stress distribution in the
bond in a very unfavorable way.
The rotation of the steel tube is indicated as a per-

centage of the maximum angle. At 100 % the hollow
section would touch the cast component. Table 6 pro-
vides an overview of the modeled cantings and the
corresponding change of the adhesive layer thickness.
For the varying layer thickness in longitudinal direc-

tion, two cases occur: on one side of the connection
the layer becomes thinner (ta,max → ta,min) and on the
opposite side it becomes thicker (ta,min → ta,max) (see
Figure 9). The change of the adhesive layer thickness
is quasi asymmetric.
Figure 13 shows the shear stress distributions in the

center of the adhesive layer for the path in the adhe-
sive layer becoming thicker (see Figure 9). As already
found for centerline eccentricity, the numerical anal-
ysis shows that with an increase of the adhesive layer
thickness the corresponding maximum stress reaches
asymptotically a value. By reducing the adhesive layer
thickness, the shear stress grows exponentially.

5 SUMMARYAND OUTLOOK

Adhesive bonding in the field of steel structures is a
challenge due to their specific characteristics. In this
paper, the results of a first investigation concerning
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dimensional tolerances and geometrical imperfections
of tubulars inserted into cast steel joints are presented.
As a consequence of dimensional tolerances adhesive
bonding using thin adhesive layers cannot be realized.
The discussed imperfections (out of roundness, center-
line eccentricity and canting) are shown to influence
the shear stress distribution in the overlap joint. Out
of roundness based upon the permitted tolerances in
[7] and [8] lead to stress variations of about 20%. The
imperfections due to centerline eccentricity and cant-
ing can lead to a significant increase of the stress peaks
and have to be limited.
Within the scope of an ongoing research project,

further investigations will showwhether adhesive con-
nections could represent a real alternative solution
to welded nodes. This comparison will consider the
following criteria: fabrication, structural safety, dura-
bility andoperational safety of supporting structures of
steel constructions under operational loading. Focuses
of this ongoing research are pretreatment of the sur-
faces in the overlap area, production process and
experimental and numerical investigations concern-
ing the load bearing capacity of the adhesive bonded
joints. Experimental studies of ageing and temperature
behavior of the glued joints are also important aspects
in this project.
Results gained from future research will be pre-

sented in forthcoming ISTS conferences.
The research in this project is carried out by the

following research centers:

• Karlsruhe Institute of Technology (KIT), Research
Center for Steel, Timber and Masonry

• MunichUniversity ofApplied Sciences, Laboratory
for Steel and Lightweight Structures

• Fraunhofer Institute for Manufacturing Technology
and Advanced Materials (IFAM), Bremen

The work presented is carried out as a part of
the joint FOSTA research project P 884 “Adhesive
bonded tubular cast steel – steel joints in framework
structures” and funded by the Federal Ministry of
Economics and Technology.
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ABSTRACT: Elliptical Hollow Sections (EHS) are especially attractive for architectural applications. Since
limited evidence exists for the design of directly welded joints between EHS, a new research programme has
been initiated. The first phase of this programme aims at providing information for developing design rules
for axially loaded T and X joints between EHS. This paper covers the programme, numerical calibrations with
experiments and initial numerical investigations on axially loaded X joints with the braces connected to the wide
sides of the EHS chord.

1 INTRODUCTION

Elliptical Hollow Sections (EHS) are especially attrac-
tive for architectural applications. Due to their major-
to-minor outside dimensions of 2:1, with the narrow
sides facing the viewer, they give the impression of
very small dimensions.
In recent years more and more architects have spec-

ified designs using EHS, see Packer et al. (2009b).
Section property tables and column resistance tables
for EHS have also recently been produced for both the
American and Canadian Institutes of Steel Construc-
tion (AISC, CISC). Although at present only a limited
number of manufacturers (Condesa and Tata) are pro-
ducing EHS it may be expected that, after growing the
market, this number will increase. Further, available
design information will also increase the market.
Since nearly no evidence exists regarding EHS

joint design, a research programme was initiated to
investigate the joint behaviour more in detail.
This programme is sponsored by the participating

universities, the authors and CIDECT, and is desig-
nated as programme 5BW. This first phase aims at
providing information for developing design rules for
axially loaded T and X joints between EHS. This
paper and a companion paper (Shen et al., 2012) cover
the investigations on axially loaded X joints with the
braces connected to the wide sides of the EHS chord.

2 DIMENSIONS, SECTIONALAND
MECHANICAL PROPERTIES

At present EHS are available with major-to-minor out-
side dimensions of H:B= 2:1. The hot finished EHS
are covered in EN 10210 (2006a, b) with section prop-
erties for EHS ranging from 120× 60× 3.2mm to
500× 250× 16.0mm. They are commonly available
with up to 16mmwall thickness in the grade S355J2H
withminimumyield strength of 355MPa and aCharpy
impact resistance of 27 Joules at −20◦C.

3 DESIGNATION

In publications and standards, various designations are
used for the outside dimensions of the elliptical sec-
tions, for example 2a, 2A or H for the larger dimension
and 2b, 2B or B for the smaller dimension.
In this paper the following designation (shown in

Figure 1) is used when members are considered:
When these sections are used in joints, the usual

designations for Rectangular Hollow Section (RHS)
joints b0, h0, b1 and h1 apply for chord and braces.
For the types of joints the designation proposed by

Choo et al. (2003) is used, see Figure 2.
As shown in Figure 2, various orientations are pos-

sible, but it is expected that, because of the slender
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Figure 1. Elliptical Hollow Section designation.

Figure 2. EHS joint types.

appearance, Type 2, dealt with in this paper, may be
the type most commonly used in architectural designs.

4 LITERATURE STUDY

Up-to-date detailed reviews, including references, are
given by Packer et al. (2009b) and Chan et al. (2010b).

4.1 Member classification

Chan et al. (2006, 2010a, b), and Gardner & Chan
(2006, 2008), have classified EHS into Classes by
treating the EHS as a Circular Hollow Section (CHS)
with an equivalent diameter De,CHS,Two definitions of
De,CHS have evolved in the literature, which are herein
termed De,old and De,new.
Zhao & Packer (2008) classified EHS into Classes

by treating the EHS as an equivalent RHSwith a width
equal to the EHS width and a depth h0,eq, which is
determined by maintaining the same cross-sectional
area as the EHS. It was shown that the “equivalent
RHS” approachwas a good estimator formember clas-
sification when compared with available tests and it
was shown to be better than either of the “equivalent
CHS” approaches. Packer et al. (2009b), Zhao et al.
(2010) and Haque et al. (2012) confirmed this also for
bending.
The proposed member classifications for EHS

based on (H/t – 3) and related to RHS sections
according to Eurocode 3, are given in Table 1.
Both the CHS and RHS equivalent member

approaches have been checked to see whether these

Table 1. Proposed (H/t – 3) limits for EHS.

ε= √
235/fy) and fy in N/mm

2

EHS Class 1 Class 2 Class 3

(H/t – 3) limit 33ε 38ε 42ε

Table 2. EHS X Joint Types 1 and 2 tested at the University
of Toronto (UT).

X-Type

Type compression tension 2γ-β-τ

1 90◦–45◦ 90◦ 37-0.5-1.0
2 90◦–45◦ 90◦ 37-1.0-1.0

Toronto tests with EHS 220× 110× 6 for chord and braces.

could beused to relate the capacity ofEHS joints to that
for CHS or RHS joints. However, these did not result
in acceptable correlations, see Packer et al. (2012).

4.2 EHS joints

Most investigations on EHS joints relate to gusset-
plate joints or through-plate joints and slotted-plate
joints, both investigated at the University of Toronto,
which are not the subject of this investigation (see
Martinez-Saucedo et al. 2008).
Bortolotti et al. (2003) and Pietrapertosa & Jaspart

(2003) performed some tests and FE work on N and
K joints with EHS braces welded to the wide side of
the EHS chord, however, the tests were not loaded up
to failure.
Choo et al. (2003) carried out numerical studies on

EHS X joints with both braces welded at 90◦, either
to the wide or the narrow sides of the chord. They
compared the capacities of the joint configurations in
Figure 2 with those of corresponding CHS joints and
concluded that for joints loaded in compression, the
capacity of an axially loaded X joint of CHS sections
is between that of EHS X joints Types 2 and 4 defined
in Figure 2. Further, it was found that the capacity
increases from Type 1, 2, 3 to Type 4.

5 EXPERIMENTAL PROGRAMME

5.1 Programme

The testing programmes for the X joint Types 1 and 2
tests carried out at the University of Toronto and at the
National University of Singapore (NUS) are given in
Tables 2 and 3.

5.2 Test specimens

The test specimens were made from steel EN 10210
S355J2H.The brace member lengths of the specimens
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Table 3. EHS X Joints Types 1 and 2 tested at the National
University of Singapore (NUS).

X-Type

Type compression tension 2γ-β-τ

1 90◦ 90◦ 31-0.25-0.6
2 90◦–45◦ 90◦–45◦ 31-0.5-0.6

NUS tests with EHS 250× 125× 8 and 120× 60× 5.

were 5 times the largest dimension and the chordmem-
ber length was (for the NUS tests) 6 times the largest
dimension of the chord whereas it varied for the tests
at the University of Toronto.
At the nearly flat parts at the crown and saddles, fil-

let welds with a nominal throat thickness of a= 1.1t1
were used but for the larger β ratios at the sad-
dles partial (for β< 1.0) or full penetration (β≤ 1.0)
welds were used. Since the actual dimensions of the
weldswere sometimes larger, theseweremeasured and
recorded.

6 EXPERIMENTAL RESULTS

The test results are presented in load-displacement
diagramswhere, for the displacement, the chord inden-
tation perpendicular to the chord face at the connection
is used. The governing joint capacity is the peak load
in the load-displacement diagram if this occurs before
a chord indentation of 3% b0, or the load at 3%
b0 indentation if the peak load occurs after the 3%
indentation.
All test results are recorded with the actual

dimensions and mechanical properties, the actual
geometrical parameters, the joint configuration, the
load-displacement diagram and the failure mode.

7 INITIALANALYSIS OF EXPERIMENTS

In a preliminary analysis of the EHS experimental
results themembers are converted to CHS or RHS sec-
tions as proposed for member classification by Chan
et al. (2010b) for CHS and by Zhao & Packer (2008)
for RHS.

7.1 Equivalent CHS member method

Using the equations ofTable 4.1 fromCIDECTDesign
Guide 1 (Wardenier et al. 2008) for chord plastifica-
tion and chord punching shear, and by converting the
EHS chord into an equivalent CHS, joint capacity pre-
dictions were made and compared with the test results.
The chord punching shear capacity (not critical) is here
also based on the equivalent CHS brace section.
Considering the large scatter and deviating results,

this EHS to CHS conversion method, originating from
local buckling studies of EHS members under normal

stress, seems not to be a promising method for EHS
joint design.
As a second method, the CHS chord plastifica-

tion equations were used with d0 being the width b0
of the EHS chord and d1 being the width b1 of the
braces. Chord punching shear is not critical but should,
with this second method, be based on the EHS brace
perimeter. Also here the variation in results is very
large.

7.2 Equivalent RHS member method

Using the equations ofTable 4.1 fromCIDECTDesign
Guide 3 (Packer et al. 2009a) and by converting
the chord into an equivalent RHS, joint capacity
predictions were made.
In order to calculate the chord side-wall failure limit

state, the limiting stress of the material has an effect in
the fk term. For tension, fk = fy0, but for compression,
a reduction factor χ for column buckling, becomes
relevant. For the normalized slenderness the reduc-
tion factor χ for column buckling can, for example, be
obtained from EN 1993-1-1.
This conversion procedure produces a good predic-

tion of the failure mode and a better prediction of
the joint capacity than the CHS conversion method.
To address the chord side wall failure better, analyses
were also carried out with the EHS chord converted
into an RHS where the EHS depth h0 was used, thus
not diminished. This method does not keep the AEHS
constant, but H, B and t (i.e. h0, b0 and t0) are all unal-
tered. By maintaining h0, χ decreases and results in
lower capacity predictions for β= 1.0 joints in com-
pression. However, this method does not produce any
improvements.
In additional analyses, both chord and braces were

converted to equivalent RHS sections with b0, h0,eq,
and b1 with h1,eq, but this method also shows consid-
erable variations in results.

7.3 Method comparison

This initial analysis showed that using a simple con-
version method for EHSmembers to CHS or RHS and
relating the strength to the CHS or RHS joint strength
equations does not always give a good estimate of the
capacity. As an example Figure 3 shows the results
based on an equivalent RHS method. The number of
tests is too small to give detailed conclusions for a
strength analysis because of the many variables, but
the tests are useful for calibration of the numerical
models and the observation of the failure modes.

8 NUMERICAL CALIBRATIONAND
PARAMETER STUDY

The main characteristics of the FE analyses for the
EHS tubular joints, including determination of mate-
rial properties, guidelines for the choice of the finite
element type and meshing, boundary conditions and
loading conditions plus the solver procedures, are here
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Figure 3. Comparison between EHSX jointTypes 1 (top) &
2 (bottom) test data and the equivalent RHS approach with
b0 – h0,eq. for the chord and b1 – h1 for the braces.

briefly presented, and given more in detail by Shen
et al. (2013). Furthermore, the influence of the weld
geometry is discussed.

8.1 Main characteristics of FE analyses
for EHS joints

For the numerical analyses, the commercial FE soft-
ware package ABAQUS/Standard v.6.7 (SIMULIA
2007) has been employed. The dimensions of the
tubular members assumed in the FE analyses are in
accordance with the measured dimensions of the test
specimens. Based on the appropriate symmetry in
geometry, loading, and boundary conditions, a par-
ticular EHS joint may be modelled by either a half, a
quarter or an eighth of a full joint.

8.1.1 Material properties
Since the numerical simulations are performed up
to failure of the tubular joints, material nonlinearity
and geometrical nonlinearity are incorporated in the
analyses by using the NLGEOM option in ABAQUS
(SIMULIA 2007). The consideration of large defor-
mations requires a complete material true stress-true
strain curve (σT − εT) (Van der Vegte 1995). Further-
more, in all numerical analyses, the Von Mises yield
criterion and isotropic hardening are used.

8.1.2 Finite Element selection
In the current study, 20-noded solid elements with
reduced integration (ABAQUSelement typeC3D20R)
are employed to model the uniplanar EHS tubular X
joints.

8.1.3 Mesh density
The EHS joints are modelled with the measured
dimensions of chord and brace as recorded in the
experiments without imperfections. In member thick-
ness, three layers of elements are used for both chord
and brace. A denser mesh is used close to the inter-
section region of brace and chord, and is gradually
changed to a coarser mesh in less stressed regions.
The weld geometry is included in the FE model

using the geometrical dimensions of the leg length as
measured. The geometry of the weld for joints with
β= 1 is different from that with β< 1. Such details
are captured in the FE model.

8.1.4 Boundary conditions and loading
In order to reduce the size of the FEmodels, symmetry
in geometry and loading is used and, as a result, bound-
ary conditions are required in the planes of symmetry.
Boundary conditions are applied so as to simulate
the real behaviour of a full joint. In this study, the
displacement control method is employed.

8.1.5 Iteration procedure and convergence criteria
In the present research, geometrical and material non-
linearities are taken into account. The (displacement-
controlled) brace load is applied in a number of
increments, employing full Newton-Raphson itera-
tions, which ABAQUS performs by default. This
method is characterized by its quadratic convergence,
based on the assembly and decomposition of the stiff-
ness matrix in each iteration. Convergence is checked
by the default value of 0.5% for the iteration pro-
cedure for both forces and moments. If the residual
forces or moments are less than the default value,
ABAQUSaccepts the solution and proceeds to the next
increment.

8.2 Effects of modelling of weld geometry

For the fillet welds, various ways of modelling were
investigated. It was found that the difference due to
different weld modelling, either modelled as a butt-
fillet weld (fully connected between brace and chord)
or as a fillet weld, is small and can be ignored.Also the
effect of coarse and dense-mesh-butt-fillet weld mod-
elling was investigated and the difference in terms of
load-displacement is small, indicating that the mesh-
ing strategy used for CHS joints can also be employed
for EHS joints. This also applies for small deviations
in the weld leg lengths at brace or chord. Some results
are shown in Figure 4.
For jointswithβ= 1 itwas found that theweldmod-

elling is extremely important and that the measured
weld convexity had to be taken into account for a good
correlation with the test result (Shen et al. 2013). This
case showed that the weld convexity at the saddle may
affect the result significantly (by more than 10% for
the peak load).

8.3 Numerical simulation of the experiments

The numerically simulated joints with the experimen-
tal results (load-displacement diagrams and governing
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Figure 4. Comparison of FE results with different mesh
configuration and density for butt-fillet weld modelling:
(a) X90-1T-UT (tension) and (b) X90-1C-UT (compression)
with β< 1.

loads) gave satisfactory agreement for most cases,
except for cases with fracture by cracks under ten-
sion loading and failures by overall buckling or chord
instability in the case of compression loading because
the eccentricities were not modelled (see Figure 5).
If in the design recommendations the static strength

is not differentiated for tension and compression brace
loads, like the current practice for CHS joints, the
compression case can be used for the parametric study.
From this calibration study the following conclu-

sions can be drawn:

– The mesh scheme for modelling of fillet welds,
whether modelled as butt-fillet weld or as fillet
weld, does not affect the static strength of the EHS
X joints.

Figure 5. Comparison of the behaviour under brace ten-
sion and compression loading for the same configuration of
joints: (a) X90-1T-UT and X90-1C-UT; (2) X90-2T-UT and
X90-2C-UT.

– For β= 1, whenmodelling the geometry of the butt
weld at the saddle, both the dimensions and the
convexity affect the static strength significantly.

– The current FE approach, using 20-noded solid
elements with reduced integration and 3 layers of
elements for chord and brace, is demonstrated to be
suitable for EHS joints.The FE results are generally
in satisfactory agreement with the test results.

8.4 Numerical parameter study

Asummaryof the 93numerical analyses for the param-
eter study is shown in Table 4. The basic series covers
β ratios of 0.24, 0.4, 0.6, 0.8 and 1.0 in combination
with 2γ ratios of 16, 20, 31 and 42. In general an
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Table 4. Summary of numerical analyses of X joint Types
1 and 2 (see figure 2).

Basic Brace Chord
Analyses Initial parameters angle stress Total

Type 1 7 3 18 28
Type 2 8 16 5 36 65

angle of θ1 = 90◦ is used but also analyses with an
angle of θ1 = 45◦ were investigated. Further, the chord
stress effect was investigated for 3 chord compression
and 3 chord tensile load ratios n. The chord has, in all
analyses, dimensions of 250× 125× t0.

9 INITIAL NUMERICAL STUDIES

Before the full numerical parametric study, an ini-
tial numerical study was carried out to investigate
more in detail the effects of weld type (fillet and
butt weld), chord end boundary conditions and chord
length. These investigations are discussed in detail in
Shen et al. (2013). Here only the conclusions are given.

9.1 Influence of the geometry of welds

Two types of welds are investigated more in detail, i.e.
fillet welds with a throat thickness equal to the brace
thickness and butt welds according to AWS (2010)
with two weld foot print lengths of 1.25 t1 and 1.5t1 at
the chord sides.
The joints with fillet welds show a somewhat larger

strength than thosewith butt welds; the butt weldswith
the minimumAWS weld foot print length 1.25t1 only
show a marginal (2%) lower strength than those with a
foot print length of 1.5t1. Since the welds are modelled
proportional to the thickness of the brace wall and the
τ ratio is kept constant at 0.5 in this study, the effective
β ratio is (especially for fillet welds) larger for larger
brace thicknesses leading to an increase in strength.
Further, the effect is more significant for joints loaded
in compression.
Since a foot print length of 1.5 t1 was used for the

FE studies for CHS joints (Van der Vegte 1995), it
was decided to perform the parametric study for EHS
joints also with butt welds according to AWS with a
foot print length of 1.5 t1.
For the cases studied and also in the experiments,

the compression load capacity based on the first peak
load or the 3% b0 deformation load, is lower than that
for tension, therefore the compression load capacity
will be taken to represent the brace axial load capacity
of EHSX joints. (Note: In the actual tests it was shown
that crack initiation for the tension tests occurred at
loads higher than the governing load for the companion
test with brace compression, see Figure 5(b).

9.2 Influence of chord end boundary conditions

In addition to the weld geometry, it was investigated
whether the chord end boundary condition had an

Figure 6. Load-displacement curves for joints B13 (β= 0.4
and 2γ = 42) with different chord length: tension (top);
compression (bottom).

effect on the joint capacity. Three restraint conditions
as well as a free end were tested for fillet-welded joint
types with a chord length of 6b0.
The analyses showed no effect of the chord end

restraint condition and it was decided to perform
further numerical tests with a chord free end.

9.3 Effect of chord length

For joints with two β ratios (0.4 and 0.6) and 2γ ratios
of 20 and 42, joints with chord lengths 6b0, 8b0 and
10b0 were studied.
Each joint configuration was numerically analysed

with brace tension and compression loading. In total
24 numerical analyses were conducted. All analyses
showed (see Figure 6) no effect of the chord length
and 6b0 was hence taken for the parametric study.
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10 CONCLUSIONS

For the numerical cases studied and also in the exper-
iments, the compression load capacity based on the
first peak load or the 3% b0 deformation load, is lower
than the governing capacities for tension, therefore the
brace compression load capacity is taken to represent
the brace axial load capacity of EHS X joints.
An initial analysis of the experiments showed that

using a simple conversion method for EHS members
to CHS or RHS and relating the strength to the CHS
or RHS joint strength equations does not always give
a good estimate of the capacity.
The numerically simulated joints and the experi-

mental results (load-displacement diagrams and gov-
erning loads) gave satisfactory agreement for most
cases, except for cases with fracture by cracks under
tension loading and failures by overall buckling or
chord instability in case of compression loading,
because the eccentricities were not modelled.
The analyses showed no effect of the chord end

restraint condition and it was decided to perform
further numerical analyses with a chord free end.
All tests showed no effect of the chord length so a

length of 6b0 was hence taken for the parametric study.
Based on a comparison of the experimental results

and the numerical calibration it can be concluded that:

– The mesh scheme for modelling of fillet welds,
whether modelled as butt-fillet welds or as fillet
welds, does not affect the static strength of the EHS
X joints:

– For β= 1, the modelling of the geometry of the
groove weld at the saddle, both the dimensions and
the convexity affect the static strength significantly.
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SYMBOLS

A cross sectional area
AEHS cross sectional area EHS
B smaller dimension of EHS member
cx spreading coefficient for brace dimension h1

cy spreading coefficient for weld leg length
De,new equivalent diameter (new definition)
De,old equivalent diameter (old definition)
De,CHS equivalent diameter (= new definition

by Chan & Gardner 2008b)
H larger dimension of EHS member
Qf chord stress function
a throat thickness of weld
b1 external width of RHS brace 1

(perpendicular to the plane of the joint),
also used for an EHS brace

b0 external width of a RHS or EHS chord
fk critical local buckling stress of the chord

side wall
fy yield stress
h0 external depth of a RHS or EHS chord
h1 external depth of a RHS brace 1 (in the plane

of the joint), also used for an EHS brace
h0,eq equivalent external depth of an EHS chord

converted to a RHS member
n chord stress ratio
ti thickness of hollow section member i

(i= 0, 1)
β width (or diameter) ratio between brace and

the chord
β∗ average width ratio for EHS X joints

(β ∗ = (b1 + h1)/2b0)
γ half width-to-thickness ratio

of the chord (γ = b0/2t0) or half diameter-
to-thickness ratio of the chord (γ = d0/2t0)

γM partial (safety) factor
θ1 included angle between brace member 1 and

the chord
τ thickness ratio between brace and chord
χ buckling coefficient

Subscripts

i subscript used to denote the member of a hollow
section joint. Subscript i= 0 designates the chord;
i= 1 refers in general to the brace for T,Y
and X joints

Abbreviations

CHS circular hollow section
EHS elliptical hollow section
RHS rectangular or square hollow section
SHS square hollow section
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ABSTRACT: Elliptical Hollow Sections (EHS) are especially attractive for architectural applications. Since
limited evidence exists for the design of directly welded joints between EHS, a new research programme has
been initiated. The first phase of this programme aims at providing information for developing design rules for
axially loaded T and X joints between EHS. This second paper on this subject deals with the analysis of the
numerical and experimental results of axially loaded X joints with the braces connected to the wide sides of the
EHS chord.

1 INTRODUCTION

This paper, as well as a companion paper (Shen et al.
2012), deals with investigations on axially loaded
X joints of Elliptical Hollow Sections (EHS) with
the braces connected to the wide sides of the chord,
designated as Types 1 and 2 in Figure 1.
The first paper by Shen et al. (2012) covers the spe-

cial aspects of EHS, the available evidence for EHS
joints, the experimental and numerical programme, the
calibration and validation of the numerical model and
the initial numerical investigations regarding effect of
weld type and chord length.
This second paper deals with the numerical and

experimental results and the analysis thereof.
This programme is sponsored by the participating

universities, the authors and CIDECT, and is des-
ignated as programme 5BW. This first phase aims
at providing information for developing design rules
for axially loaded T and X joints between Elliptical
Hollow Sections.

2 DESIGNATION

For the EHS used in joints, the usual designations for
Rectangular Hollow Section (RHS) joints, i.e.: chord

Figure 1. EHS joint types.

width b0, chord depth h0, brace width b1 and brace
depth h1, are adopted. For the types of joints the des-
ignation proposed by Choo et al. (2003) is used, see
Figure 1.

3 NUMERICAL RESULTS

The numerical analyses are summarized in Table 1.
The basic series covers β ratios of 0.24, 0.4, 0.6,

0.8 and 1.0 in combination with 2γ ratios of 16,
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20, 31 and 42. In general, an angle of θ1 = 90◦ is
used but also analyses with an angle of θ1 = 45◦ were
investigated.
Further, the chord stress effect was investigated

for 3 chord compression and 3 chord tensile load
ratios, n. The chord has, in all analyses, dimensions
of 250× 125× t0.

Table 1. Summary of numerical X joint, Types 1 and 2
analyses.

Basic Brace Chord
Analyses Initial parameters angle stress Total

Type 1 7 3 18 28
Type 2 8 16 5 36 65

Figure 2. Typical load-displacement curves for X joint, Type 1.

3.1 X joints, Type 1

Typical load-displacement diagrams are given in
Figure 2 for β= 0.4 showing the effect of 2γ in
Figure 2(a), the angle θ1 in Figure 2(b) and the effect
of chord stress in Figures 2(c) and (d).
The governing capacities are recorded in Figure 3

for the influence of the parameters β and 2γ . Simi-
larly as for CHS andRHS joints, the capacity increases
with β and decreases with 2γ . Figure 4 shows that the
effect of the angle θ1 is somewhat stronger than 1/sinθ1.
As shown in Figure 5 the chord stress effect function
Qf (ratio of capacities with chord stress to that with-
out chord stress) for β= 0.4 is nearly independent of
2γ and for chord compression stronger than for chord
tension.
For comparison, Figures 3 and 4 also show the

experimental data and it can be concluded that the
numerical and experimental data agree well.
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Figure 3. FE and test results for EHS X joints Type 1 with 90◦ brace angle subjected to brace compression without chord
load: effect of β and 2γ .

Figure 4. Effect of brace angle θ1 for EHS X joints Type 1.

3.2 X joints, Type 2

Typical load-displacement diagrams are given in Fig-
ure 6 for β= 0.4 and 2γ showing the effect of 2γ in
Figure 6(a), the angle θ1 in Figure 6(b) and the effect
of chord stress in Figures 6(c) and (d).
The governing capacities are recorded in Figure 7

for the influence of the parameters β and 2γ . Similarly
as for CHS andRHS joints, the capacity increases with
β and decreases with 2γ .
Figure 8 shows that the effect of the angle θ1 is

somewhat smaller than 1/sinθ1. Figure 9 shows that
the chord stress effect is somewhat dependent on β
and 2γ and for chord compression stronger than for
chord tension.
As shown, the numerical and experimental data

agree well.

Figure 5. Effect of chord stress n; EHS X joints Type 1.

4 ANALYSIS

4.1 X Joints, Types 1 and 2

Since theType 1 andType 2 joints have the same orien-
tation of the chord it is expected that they would show
a comparable behaviour for the basic failure mode of
chord plastification, similar to chord face failure for
RHS joints. That is the reason why these joints have
been analysed together.

4.1.1 Chord plastification
4.1.1.1 Influence of β and 2γ
The basic numerical data for X joints Types 1 and 2
with 90◦ have been analysed as a function of β and
N1,u sinθ1/fy0t

2
0. As shown in Figure 10(a), for Type 1,
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Figure 6. Typical load-displacement curves for X joint, Type 2.

Figure 7. FE and test results for EHS X joints Type 2 with 90◦ brace angle subjected to brace compression, without chord
load: Effect of β and 2γ .
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Figure 8. Effect of brace angle θ1 for EHS X joints, Type 2.

Figure 9. Effect of chord stress n; EHS X joints, Type 2.

Figure 10. Influence of β and 2γ for Types 1 and 2.

up to β≤ 0.6 there is almost no influence of 2γ and
the same applies for Type 2 up to about β≤ 0.8.
For practical applications, the β ratio of Type 1 will

not exceed 0.5, because then the brace and chord will
have the same larger outer dimension and it is not
logical that the brace would be larger than the chord
(although in this investigation the maximum β ratio
was taken as 0.6).
For comparison with the Type 2 data, the mean line

for the Type 1 data is indicated with a dotted line in
Figure 10(b). For the sameβ ratio, the data ofType1 are
higher if related to β because of the 4 times larger h1.
In Figure 11(a) theType 2 data and the mean for the

Type 1 data are related to β*= (b1 + h1)/2b0 although
this is not realistic for the Type 2 joints with β= 1.0
which fail by chord side wall failure.
After further analysis of the basic data, it was found

that a simple transition rule can be used for Type 1 to
use the strength equation for Type 2. For chord plasti-
fication the strength is not only governed by b1 but to
a somewhat lower extent also by h1.
Using the average parameter β* for Type 1 and β

for Type 2 takes this effect into account because, for
a particular β* for Type 1 equal to a β for Type 2, the
perimeter of a brace in aType 1 joint will be somewhat
larger than that for a Type 2 joint.
With this transition, Figure 11(b) shows that the

data for Type 1 joints with β*≤ 0.75 (practical range
β≤ 0.5) are in excellent agreement with the Type 2
data for β≤ 0.8.
4.1.1.2 Influence of angle θ1
As shown in Figure 12(a) for the Type 1 joints with
β= 0.4 the effect of the angle θ1 = 45◦ was larger than
1/sinθ1, being about 25% larger which nearly agrees
with the increase of the CHS connection perimeter
ka = 1.21. However, as shown in Figure 12(b), for the
Type 2 joints with β= 0.4 and 0.8 the angle effect
was smaller than 1/sinθ1. This could be caused by the
effect of an in-plane chord rotation because the chord
ends were not supported. Therefore a few additional
analyses have been carried out (see Figure 13).
Figure 13 shows that if the chord ends would have

been fixed to avoid rotation in-plane, the strength
would have been additionally increased by 13% for
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Figure 11. Influence of β* or β and 2γ: (a) β*for Types 1 and 2; (b) β for Type 2 and β* for Types 1.

Figure 12. Effect of angle θ for chord plastification.

Figure 13. Effect of chord end fixation (additional analyses).

X jointsType 1 and 20% for X jointsType 2. Including
the fixation effect gives, for both Types of X joints, an
influence of the angle larger than 1/sinθ1. The latter is
proposed as a simple rule.

4.1.1.3 Influence of chord stress parameter n
The chord stress effect is shown in Figure 14 for Type
2 joints with β= 0.4. For simplicity, a similar basic
function is chosen as used for CHS and RHS joints.
Due to the low scatter in data, the exponents in the

chord stress functions for compression and tension (0.2
and 0.15) are somewhat smaller than forCHS andRHS
joints. The chord stress effect for 0.24≤β≤ 0.8 is the
same for both types of joints.

4.1.2 Chord side wall failure
4.1.2.1 Basic influencing parameters
For chord sidewall failure, it is logical that the strength
equation should have a similarity with that for RHS
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Figure 14. Chord stress effect forType 2 joints withβ= 0.4.

Figure 15. X joints Type 2 data for β = 1.0 with various 2γ
for brace in compression.

joints with β= 1.0, thus:

where cx an cy are coefficients to take into account
the effect of the spreading by the brace dimension
h1 and the weld leg length which is a function of
t1. Figure 15 shows a comparison of the numerical
data with the best fit of Eq. 1 with cx = 0.4 and
(cyt1 + 5t0)= 8.5t0 (which is physically too large).
After the evaluation to design strengths these values
may be reduced somewhat.

4.1.2.2 Influence of angle θ1 for chord side wall
failure

Initially no analyses were planned for θ1 = 45◦ with
β= 1.0, but to check the influence of the angle addi-
tional analyses have been carried out for 2γ = 20. The
analyses for θ1 = 45◦ with τ= 0.5 only showed a small
increase due to local buckling of the brace. Increas-
ing the τ to 0.8 showed, for θ1 = 45◦ and fixed chord
ends, an increase of 35%, thus close to 1/sinθ1 which
is adopted.

4.1.2.3 Influence of chord stress parameter n
To check the chord stress effect for β= 1.0, addi-
tional analyses, shown in Figure 17, were carried
out, which show that the chord stress functions for
chord plastification are conservative for chord side
wall failure.

Figure 16. Effect of angle θ= 45◦ for Type 2 with β= 1.0,
2γ = 20 and τ= 0.8 (additional analyses).

Figure 17. Effect of chord stress parameter n for β= 1.0
and 2γ = 20 (additional analyses).

The best fit is given by Qf = (1− |n|)0.1 which
agrees with that for RHS joints with β= 1.0 (see
Packer et al. 2009a).

5 PROPOSED BEST-FIT EQUATIONS

Based on the previous analyses, the following basic
joint strength equations for Type 1 andType 2 X joints
are proposed for further evaluation to design strengths:

– For Type 2 X joints the best-fit equation for chord
plastification for β≤ 0.8 is given by:

with, for θ1 = 90◦, a mean of 1.01 and a
CoV= 5.6%.

– For Type 1 X joints Equation (2) for chord plastifi-
cation applies if β* is used instead of β.
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Table 2. Proposed exponent c1 for chord stress function.

Chord plastification Chord side wall

Chord Chord Chord tension
Compression Tension or compression
c1 = 0.20 c1 = 0.15 c1 = 0.10

Mean 1.0 1.03 1.01
CoV 7.2% 4.8% 2.1%

– For chord side wall failure for β= 1.0 (only Type
2) the best-fit equation is given by:

with, for θ1 = 90◦, a mean of 1.01 and a
CoV= 3.2%.

– For the chord stress function Qf = (1− |n|)c1 and
exponents, the variables in Table 2 are obtained.

Equations (2) and (3) still have to be evaluated to
limit state equations for design by taking account of
the scatter in data, tolerances in dimensions, variation
in mechanical properties and the partial factors γM to
be adopted, see Van der Vegte et al., (2008). However,
this will be done together with the data forT joints and
also considering a possible more direct relationship
with CHS or RHS T or X joints.

6 CONCLUSIONS

Based on analyses of the results of a FE paramet-
ric study, the best – fit equations for predicting the
static strength of EHS X joints Types 1 and 2, are pro-
posed together with functions to account for the chord

stress effect. Best-fit equations for Type 2 X joints are
given for chord plastification (for β≤ 0.8) and chord
side wall failure (for β= 1.0). For Type 1 X joints the
chord plastification Equation (2) for Type 2 can be
used, however, by replacing β with β*.When checked
against available evidence, the proposed equations
give satisfactory accuracy.
Further study will be carried out for the interaction

of the two limit states, for joints with a β ratio between
0.8 and unity.
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ABSTRACT: The numerical analysis and design of cold-formed steel compression members of oval hollow
sections have been investigated. A finite element model was developed to simulate the existing tests on fixed-
ended columnsof oval hollow sections.The failuremodes observed from the tests includedmaterial yielding, local
buckling and flexural buckling as well as interaction of local and flexural buckling.The finite element model was
developed using ABAQUS. The material non-linearities obtained from tensile coupon tests as well as the initial
local and overall geometric imperfections were incorporated in the model. Convergence study was performed to
obtain the optimized mesh density. A parametric study included 100 columns was conducted using the verified
numerical model. The experimental column strengths and numerical results predicted by the parametric study
were compared with the design strengths calculated using the current NorthAmerican, Australian/New Zealand
and European specifications for cold-formed steel structures. In addition, the direct strength method, which was
developed for cold-formed carbon steel members for certain qualified cross sections, was also used to predict
the design strengths for the oval hollow sections.

1 INTRODUCTION

Oval hollow section (OHS) is one of the new sec-
tions used in steel structure constructions.Typical steel
sections such as I-section, channel section, circular
hollow section and rectangular hollow section are used
in various structures. However, new sections are being
developedwith the requirements on both the efficiency
and aesthetics. The geometry of the OHS combined
with its aesthetic appearance makes it an exciting
choice for architects. Besides, it has the advantage of
different major and minor axes properties. Gardner &
Ministro (2005) reported some applications of oval
hollow sections in structural engineering projects.
In the previous research, different definition of oval

hollow section has been used. The elliptical geometry,
which is commonly referred as oval hollow section,
has been investigated by a number of researchers.
Bortolotti et al. (2003) investigated welded joints of
elliptical hollow sections. Gardner & Chan (2007)
proposed slenderness parameters and cross-section
classification limits for elliptical hollow sections. The
flexural buckling behaviour was also investigated by
Chan & Gardner (2008, 2009). Theofanous et al.
(2009) investigated stainless steel elliptical section
compression members. Silvestre (2008) investigated
the buckling behaviour of elliptical cylindrical shells

and tubes under compression. It should be noted that
the aforementioned oval hollow sections were focused
on elliptical hollow sections, which is different to the
oval hollow sections presented in this study.
A series of fixed-ended column tests on cold-

formed steel oval hollow sections has been conducted
and presented by Zhu &Young (2011). The oval hol-
low section investigated in this study is composed of
two flat web plates and two semi-circle flanges, as
shown in Figure 1. The oval hollow sections were
cold-rolled at room temperature and then the elec-
tric resistance welding was used to close the hollow
sections. The test program included 28 columns com-
pressed between fixed ends. The observed failure
modes included material yielding, flexural buckling
and local buckling in the flat web plates as well as
interaction between local and flexural buckling. Local
buckling of the curved flanges of semi-circle was not
observed since the cross-sections were relatively com-
pact in the test program. Following the experimental
investigation, a numerical investigation using FEA is
performed and presented in this paper with particular
emphasis on slender sections, where local buckling
was observed in the curved flanges. It should be noted
that the semi-circle element with W/t ratio less than
40 should be considered as fully effective according to
theAustralian/New Zealand Standard for cold-formed
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Figure 1. Definition of symbols.

steel structures (AS/NZS2005).Therefore, the expres-
sions of compact and slender sections were used to
identify the oval hollow section in this study. The
objective of this study is firstly to develop an advanced
non-linear FEM for the investigation on the strengths
and behaviour of cold-formed steel oval hollow sec-
tion columns; secondly, to compare the test strengths
with the design strengths predicted using the current
NorthAmerican (NAS2007a, 2007b),Australian/New
Zealand (AS/NZS 2005) and European (EC3 2005,
2006a, 2006b) specifications for cold-formed steel
structures with certain assumptions on the calculation
of effective width. The direct strength method, which
has been adopted by theNorthAmerican Specification
for cold-formed steel structures as an alternative pro-
cedure, was also used in this study; and lastly, to exam-
ine the reliability of these design rules using reliability
analysis. Finite element programABAQUS (2009)was
used to perform the numerical analysis. Initial geo-
metric imperfections and material non-linearity were
included in the model. The finite element model was
verified against the column test results conducted by
Zhu &Young (2011).

2 SUMMARY OF TEST PROGRAM

The test program presented by Zhu & Young (2011)
provided experimental ultimate loads and failure
modes of cold-formed steel oval hollow sections com-
pressed between fixed ends. The experimental pro-
gram consisted of 28 specimens of four test series with
different cross-section sizes and steel grades, as shown
in Table 1 using the symbols illustrated in Fig. 1. The
measured cross-section dimensions andmaterial prop-
erties of each specimen are detailed in Zhu & Young
(2011).The specimens were tested between fixed ends
at various column lengths ranged from 90 to 3000mm,
and the nominal maximum slenderness ratio (λmax) for
each test series ranged from 75.5 to 131.6. The longest
specimen lengths produced ley/ry ratios of 75.5, 94.5,
97.5 and 131.6 for Series A, B, C and D, respectively,

Table 1. Oval section column test series.

Test series Dimension, D×W × t (mm) λmax

A 120× 48× 2.0 75.5
B 115× 38× 2.0 94.5
C 42× 21× 2.8 97.5
D 30× 15× 1.6 131.6

Table 2. Comparison of test strengths with FEA strengths
of different mesh densities for Series A.

Comparison

Specimen PExp/PFEA1 PExp/PFEA2 PExp/PFEA3

A360 1.00 1.00 1.00
A360# 1.03 1.03 1.03
A600 1.07 1.06 1.07
A1200 1.05 1.05 1.05
A1200# 1.04 1.06 1.06
A1800 1.04 1.04 1.05
A2400 1.04 1.05 1.04
A3000 1.08 1.08 1.08

Mean, Pm 1.04 1.04 1.04
COV, VP 0.023 0.024 0.025

where ley is the effective length for buckling about the
minor y-axis and ry is the radius of gyration of full
unreduced cross-section about the y-axis.
The test specimens were labeled such that the test

series and specimen length could be easily identi-
fied, as shown in Table 2. For example, the label
“A360#” defines the following specimen: the first let-
ter indicates the specimen dimension and test series,
where “A” refers to anOHSwith nominal cross-section
dimension of 120× 48× 2.0mmfor overall depth (D),
overall width (W ) and thickness (t) of the section,
respectively. The cross-section dimensions for other
sections are shown in Table 1. The following digits
in the label indicate the nominal specimen length in
millimeters (360mm); and if a test was repeated, then
the symbol “#” indicates the repeated test. Measured
initial overall geometric imperfections, experimental
ultimate loads (PExp) and failure modes observed at
ultimate loads are also detailed inZhu&Young (2011).

3 DEVELOPMENT OF FINITE ELEMENT
MODEL

The finite element program ABAQUS (2009) ver-
sion 6.9 was used in the analysis for the simulation
of cold-formed steel OHS columns tested by Zhu &
Young (2011).Themeasured geometry, initial geomet-
ric imperfections, andmaterial non-linearity of the test
specimens were included in the finite element model.
The model was based on the centerline dimensions
of the cross-sections. The simulation consisted of two
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steps.The first step is the Eigenvalue analysis to deter-
mine the buckling modes, whereas the second step is
the load-displacement nonlinear analysis. The finite
element model described in this section followed the
same approach as detailed inYan &Young (2004) for
cold-formed steel columns.
Shell element is one of the most appropriate types

of element for modeling thin-walled metal struc-
tures. The 4-noded doubly curved shell elements with
reduced integration S4R were used in the model. The
S4R element has six degrees of freedom per node
and shown to provide accurate results from previ-
ous research as described in Yan & Young (2004).
The finite element mesh dimension is important on
the calculation efficiency and simulation accuracy.
Hence, a convergence study was performed on Series
A test specimens with three different mesh dimen-
sions of FEA1 (3.6× 3.6mm, length by width), FEA2
(5× 5mm) andFEA3 (8× 8mm), as shown inTable 2.
The threemesh dimensions separated the cross-section
into 80, 56 and 36 elements, respectively. It can be seen
from Table 2 that the experimental-to-FEA ultimate
load ratios PExp/PFEA1, PExp/PFEA2 and PExp/PFEA3 are
very close for each specimen, with the same mean
value of 1.04, and the corresponding coefficient of
variation (COV) of 0.023, 0.024 and 0.025, respec-
tively. By considering calculation efficiency, the FEA2
(5× 5mm) is a better choice for Series A. The finite
element mesh dimensions of Series B, C and D are
detailed in Zhu &Young (2012).
The fixed-ended boundary condition was simulated

by restraining all the degrees of freedom of the nodes
at both ends, except for the translational degree of free-
dom in the axial direction at one end of the column.
The nodes other than the two endswere free to translate
and rotate in any directions. The displacement control
loading method, which is identical to that used in the
column tests, was used in the finite element model.
Compressive axial load was applied to the column by
specifying an axial displacement to the nodes at one
end of the column.
The material properties obtained from the flat ten-

sile coupon tests were used in the numerical modeling
of the respective test series. Both initial local and
overall geometric imperfections were incorporated in
the model. The modeling is detailed in Zhu &Young
(2012).

4 TEST VERIFICATION

The developed finite element model was verified
against the experimental results. The ultimate loads
and failure modes predicted by the FEA are com-
pared with the experimental results as shown in Zhu&
Young (2012). It is shown that the ultimate loads (PFEA)
obtained from the FEA are in good agreement with the
experimental ultimate loads (PExp).
The failure modes at ultimate load obtained from

the tests and FEA for each specimen are also shown
in Zhu & Young (2012). The failure modes included
material yielding, local buckling and flexural buckling

Figure 2. Axial load versus shortening of specimen A360.

Figure 3. Axial load versus shortening of specimen C1500.

as well as interaction of local and flexural buckling.
The failure modes predicted by the FEA are gener-
ally in good agreement with those observed in the
tests, except for a few specimens, as detailed in Zhu &
Young (2012). Figs 2 and 3 show the comparison of
the load-shortening curves obtained from the tests and
predicted by the FEA for the specimens A360 and
C1500, respectively. It is shown that the FEA curves
followed the experimental curves closely. Fig. 4(a)
shows the photograph of test specimenB1200 immedi-
ately after the ultimate load has reached.The specimen
failed in interaction of local and flexural buckling.
Fig. 4(b) shows the deformed shape of the specimen
predicted by the FEA right after the ultimate load. The
resemblance of Figs. 4(a) and 4(b) demonstrates the
reliability of the FEA predictions.

5 PARAMETRIC STUDY

The FEM closely predicted the experimental ultimate
loads and failure modes of the cold-formed steel OHS
columns conducted by Zhu & Young (2011). Hence,
the model was used for an extensive parametric study.
Theparametric study included100 specimens that con-
sisted of 20 series, as shown in Table 3. Each series
contained 5 specimens with column lengths of 500,
1200, 2000, 2700 and 3500mm.
Thematerial properties of the specimens in the para-

metric study are identical to the material properties of
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Figure 4. Comparison of experimental and FEA deformed
shapes for specimen B1200.

Table 3. Cross-section dimensions of each series for para-
metric study.

Depth Width Thickness
Series D (mm) W (mm) t (mm) h/t W/t

W60T2 300 60 2 120.0 30.0
W60T2.4 300 60 2.4 100.0 25.0
W60T3 300 60 3 80.0 20.0
W60T4 300 60 4 60.0 15.0
W60T10 300 60 10 24.0 6.0
W75T1.9 300 75 1.9 118.4 39.5
W75T2.2 300 75 2.2 102.3 34.1
W75T2.8 300 75 2.8 80.4 26.8
W75T3.8 300 75 3.8 59.2 19.7
W75T10 300 75 10 22.5 7.5
W100T1.7 300 100 1.7 117.6 58.8
W100T2 300 100 2 100.0 50.0
W100T2.5 300 100 2.5 80.0 40.0
W100T3.3 300 100 3.3 60.6 30.3
W100T10 300 100 10 20.0 10.0
W150T1.3 300 150 1.3 115.4 115.4
W150T1.5 300 150 1.5 100.0 100.0
W150T1.8 300 150 1.8 83.3 83.3
W150T2.5 300 150 2.5 60.0 60.0
W150T10 300 150 10 15.0 15.0

Series B in the experimental program.The local imper-
fection magnitude was 10% of the section thickness
and the overall imperfection magnitude was 1/1500 of
the column length. The size of the finite element mesh
was 10× 10mm (length by width) since the speci-
men cross-section dimensions aremuch larger than the
specimens in the experimental program. The column
strengths (PFEA) obtained from the parametric study
are shown in Zhu &Young (2012).

6 DESIGNAPPROACHES

6.1 Current design rules

The current North American Specification (NAS
2007a, 2007b), Australian/New Zealand Standard
(AS/NZS 2005) and European Codes (EC3 2005,
2006a, 2006b) provide design rules for cold-formed
steel structures. However, these specifications do not
cover design rules of the oval hollow sections investi-
gated in this study. Therefore, certain assumptions on
the calculation of effective width have been made in
the calculation of the column strengths in this study,
as described in Zhu &Young (2011). The OHS inves-
tigated in this study was considered as two flat web
plates and two semi-circle flanges. The flat plates are
supported by the two semi-circle flanges and assumed
to be stiffened elements. Hence, the plate buckling
coefficient k of the flat plates is taken as 4.0.TheNAS,
AS/NZS and EC3 specifications do not have design
rules for effective width of curved plate, except for
cylindrical tubular member. However, the local buck-
ling resistance of a curved plate, such as semi-circle,
is greater than a flat plat. Local buckling was not
observed in the curved portions of the OHS for all the
test specimens. In this study, the semi-circle flanges
are considered as fully effective. The calculation pro-
cedure of NAS, AS/NZS and EC3 specifications are
detailed in Zhu &Young (2011).
It should be noted that theAutomotive Steel Design

Manual (AISI 2002) published by the American Iron
and Steel Institute, although it was not developed for
structural members, includes design rules for local
instability of sections with curved and straight ele-
ments. However, it has been demonstrated that the
design strengths predicted using the specification are
generally unconservative for the cold-formed steel
OHS columns, as concluded by Zhu &Young (2011).
Therefore, the Automotive Steel Design Manual was
not used in this study.

6.2 Direct strength method

The direct strength method, which was developed for
cold-formed steel members, is based on the same
underlying empirical assumption as the effectivewidth
method: ultimate strength is a function of elastic buck-
ling and yielding of the material (Schafer 2002a). The
direct strengthmethodhas beenproposedbySchafer&
Peköz (1998) for laterally braced flexural members
undergoing local and distortional buckling. Subse-
quently, the method has been developed for concen-
trically loaded pin-ended cold-formed steel columns
undergoing local, distortional and overall buckling
(Schafer 2000, 2002b). In this study, distortional buck-
ling is not considered since the oval hollow section is a
closed section. As summarized in the NorthAmerican
Specification (NAS) for cold-formed steel structures,
the column design rules of the direct strength method
that considered the local and overall flexural buckling
are shown in Eqs (1)–(3). The values of 0.15 and 0.4
are the coefficient and exponent of the direct strength
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equation, respectively, that were calibrated against test
data of concentrically loaded pin-ended cold-formed
steel columns for certain cross-sections and geomet-
ric limits. It should be noted that the direct strength
method does not cover OHS.

where Py = fyA; λc =
√
Py/Pcre; λl = √

Pne/Pcrl .
A=Gross cross-section area;
fy =Material yield strength which is the static 0.2%
proof stress (σ0.2);
Pcre =π2EA/(le/ry)2, critical elastic buckling load in
flexural buckling for OHS columns;
Pcrl =Critical elastic local buckling load;
E =Young’s modulus;
le =Column effective length;
ry =Radius of gyration of gross cross-section about
the minor y-axis of buckling.

The nominal axial strengths (PDSM) are calculated
for the two cases, as shown in Eqs (2) and (3), respec-
tively,wherePne refers to the nominal axial strength for
flexural buckling, and Pnl refers to the nominal axial
strength for local buckling as well as interaction of
local and overall buckling.The nominal axial strength,
PDSM, is the minimum of Pne and Pnl, as shown in
Eqn. (1). In calculating the axial strengths, the critical
elastic local buckling load (Pcrl) of the cross-section
was obtained from a rational elastic finite strip buck-
ling analysis (Papangelis & Hancock, 1995). Fig. 5
shows the comparisonofFEAand experimental results
against the direct strength curve plotted from Equa-
tions (2) and (3).The unfactored design strengthsPDSM
calculated using the direct strength method are com-
pared with the numerical and test results, as detailed
in Zhu &Young (2012).

7 COMPARISON OF NUMERICALAND
EXPERIMENTAL RESULTSWITH DESIGN
PREDICTIONS

The nominal column strengths (unfactored design
strengths) predicted by the NAS Specification (PNAS),
AS/NZS Standard (PAS/NZS), European Code (PEC3)
and the direct strength method (PDSM) are compared
with the column strengths obtained from the para-
metric study (PFEA) and experimental investigation
(PExp), as detailed in Zhu &Young (2012). The exper-
imental and FEA results are also compared with the

Figure 5. Comparison of FEA and experimental data with
design rules (PDSM) for columns: (a) flexural buckling and
(b) local buckling.

column design curves obtained from the design rules,
as shown in Fig 6 for Series W150T2.5. The design
strengths of specimens from the experimental pro-
gram were calculated using the material properties for
each series of specimens, as presented in Zhu&Young
(2011), and the 0.2% proof stress (σ0.2) was used as
the corresponding yield stress. The design strengths
of specimens from the parametric study were calcu-
lated using the material properties of Series B which
have been also used in the finite element modeling.
The fixed-ended column specimens were designed
as concentrically loaded compression members, and
the effective length (le) was taken as one-half of the
column length (L), as recommended by Young and
Rasmussen (1998).
It is shown that the design strengths predicted by

the NAS, AS/NZS and EC3 specifications are gen-
erally unconservative for the numerical results and
generally conservative for the experimental results. It
is also shown that the DSMdesign strengths are gener-
ally conservative for both numerical and experimental
results. This is due to the fact that the oval hollow
sections are compact in the experimental investiga-
tion. The design strengths predicted by the NAS and
AS/NZS specifications are identical. The EC3 design
strengths are more conservative compared to the NAS
and AS/NZS predictions, as detailed in Zhu &Young
(2012).
It should be noted that local buckling in the semi-

circle flanges of the oval hollow sections was not
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Figure 6. Fixed-ended column curves for Series W150T2.5.

Figure 7. Average ratios of design strengths obtained from
different specifications over numerical column strengths
againstW/t.

observed for the columns in the experimental inves-
tigation, whereas this is not the case for the slender
sections in the parametric study and local bucklingwas
observed in the semi-circle flanges. Fig. 7 shows the
average ratios of design strengths obtained from dif-
ferent specifications over numerical column strengths
against W/t for each series of specimens as shown
in Table 3. It is demonstrated that the design rules
of the current NAS, AS/NZS and EC3 specification
for cold-formed steel structures can be used for the
design of compact oval hollow sections by adopting
the two assumptions that firstly the flat plates are
supported by the two semi-circle flanges as stiffened
elements with the plate buckling coefficient k equal
to 4.0; and secondly, the semi-circle flanges are fully
effective, as described in Zhu & Young (2011). The
reliability of these design rules was evaluated using
reliability analysis. It is also demonstrated that the
direct strength method is reliable and can be used for
the design of both compact and slender oval hollow
section columns, as detailed in Zhu &Young (2012).

8 CONCLUSIONS

The paper presents the numerical analysis and design
of cold-formed steel oval hollow section columns.

A parametric study of cold-formed steel oval hol-
low section columns using finite element analysis
was performed. An accurate finite element model
was developed. The column strengths obtained from
the tests and numerical investigation were compared
with the design strengths predicted using the current
North American, Australian/New Zealand and Euro-
pean specifications for cold-formed steel structures.
Direct strength method was also used to predict the
column strengths. It is shown that the column design
rules in the current North American, Australian/New
Zealand and European specifications for cold-formed
steel structures can be used for compact oval hol-
low sections. It is also shown that the direct strength
method is conservative for both compact and slender
cold-formed steel oval hollow section columns.
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Interaction relations for members of hot rolled elliptical
hollow sections

F. Nowzartash & M. Mohareb
University of Ottawa, Ontario, Canada

ABSTRACT: This paper combines the findings of two recent studies to propose interaction relations for the
design of elliptical sections: 1)A lower bound interaction relation recently developed for elliptical hollow sections
(EHS) under axial force, biaxial bending, twisting moments, and capturing plasticity effects but not addressing
member stability behaviour, residuals stresses, nor initial imperfection effect; and 2) Another numeric study
generating column curves for EHS including stability effects, residual stresses and initial out-of-straightness,
but limited to pure compressive forces. In this paper, both studies are linked by proposing an interaction relation
for EHS members which incorporates member stability effects, residual stresses and initial out-of-straightness
effects.A Practical design example is then solved using the proposed interaction equation and shown to compare
well against nonlinear FEA. The example also illustrates the superiority of the proposed interaction equation
compared to that based in current codes.

1 INTRODUCTIONAND SCOPE

The advancement of the structural steel manufac-
turing industry has led to the recent emergence of
steel members with Elliptical Hollow Sections (EHS).
A lower bound interaction relation for EHS sub-
ject to combination of axial force, bi-axial bending
moments and torsion was developed by Nowzartash
and Mohareb (2009). The interaction relations are
based on the cross-sectional plastic capacity resistance
and do not include member stability effects. Column
curves for EHS members including residual stresses
and initial imperfection effects were also developed
by Nowzartash & Mohareb (2011a). Column curves
developed are applicable for EHS members subject to
axial compression.
Within this context, this paper is intended to utilize

the cross-sectional interaction relations and column
curves to develop interaction relations for EHS mem-
bers including plasticity, slenderness effects, residual
stresses, and geometric initial imperfections.

2 LITERATURE REVIEW

Steel Elliptical Hollow Sections emerged as a struc-
tural section only recently. Thus, a limited number
relevant studies has been published on EHS to date.
This includes the work of Grigorenko and Rozhok
(2002) who investigated the effects of variation of
load eccentricity and thickness on the stress fields
of cylinders with elliptical hollow sections. A series
of compression and bending tests were conducted
on elliptical hollow sections members (Gardner &

Ministro 2004; Gardner 2005). The study was fol-
lowed by numerical analysis which has suggested the
validity of finite element models in predicting the
buckling behaviour of EHS under such loading. A
finite element study aimed at investigating the local
buckling behaviour of EHS was conducted by Zhu
andWilkinson (Zhu &Wilkinson 2007). Gardner and
Chan developed analytical expressions for the yield
compressive strength and plastic bending resistances
of hot-rolled EHS and verified them against experi-
mental results (Chan & Gardner 2008a; b). The local
elastic buckling of EHS including shear deformation
effects was investigated by Ruiz-Teran & Gardner
(2008). Silvestre (2008) formulated a buckling solu-
tion for EHS and studied the buckling failure modes of
EHS under axial compression in a thorough paramet-
ric finite element analysis. Nowzartash & Mohareb
(2009) developed a lower bound interaction relation
for EHS under combined action of axial force, bi-axial
bending moments and twisting moments based on sta-
tistically admissible stress field. They also extended
their formulation to Semi-Elliptical Hollow sections
(Nowzartash & Mohareb 2010).
Nowzartash & Mohareb (2011b) developed a

methodology to predict the residual stress in EHS.
members and verified it against available experimental
results.
Then starting with the residual stresses predicted

(Fig. 1) and out-of-straightness (OOS) from codes
and industry standards, they (Nowzartash & Mohareb
2011a) conducted a series of nonlinear load defor-
mation FEA including material and geometric non-
linearity to generate points on the column curves
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Figure 1. Longitudinal residual stresses in EHS-200×
100× 10.

Figure 2. Column curves for EHS major axis buckling.

(i.e., FEA curves on Fig. 2 and Fig. ). These fig-
ures present Euler/Capacity of the EHS columns,
finite element results based on 0.1% and 0.2%
OOS and one available experimental results (Chan &
Gardner 2009). The appropriate design relationship
based on Canadian Standard (CAN/CSA-S16 2009),
American Specifications (AISC-360 2005) and Euro-
pean Code (EN 1993-1-1 2005) have been superim-
posed for comparison.
Nowzartash &Mohareb also proposed two column

curves for members of EHS for the buckling about
major and minor axes (Fig. ) in a format analogous to
that presently used in CAN/CSA-S16 (2009). These
interactions are

Figure 3. Column curves for EHS minor axis buckling.

where Cn = section nominal capacity, Cr = section
resistance capacity, φ= resistance factor (i.e., 0.9 for
structural steel), A= cross sectional area, Fy = yield
stress, E =modulus of elasticity, L=member length,
K =Effective length factor. In Eq. 1, the study pro-
posed n= 1.32 and n= 1.57 for major and minor axis
buckling, respectively. On this figure, also the two
appropriate curves based on Euro-code (EN 1993-1-1
2005) have been superimposed.

3 CROSS-SECTIONAL INTERACTION
EQUATIONS

The interaction equation for EHS of common geom-
etry subject to axial tensile load N , bending moment
about major axis Mx, bending moment about minor
axis My and torsion T as given in Nowzartash &
Mohareb (2009) is

where Mxp is the major axis bending moment plastic
capacity,Myp is the minor axis bending moment plas-
tic capacity, Tp is the torsional plastic capacity and Np
is the tensile capacity, all in the absence of any other
internal forces. Equation delineates an envelope of the
admissible internal force combinations (C, Mx, My,
T ).A safe load combination would lie inside the inter-
action surface defined by Eq. 2, i.e., the left hand side
of Eq. 2 will be smaller than unity while an unsafe
load combination will correspond to a left hand side
greater than unity.

284



4 PROPOSED MODIFICATION TO
CROSS-SECTIONAL INTERACTION
EQUATION

When a member is subject to axial compressive load
instead of tension, two modifications are proposed in
Eq. 2. The validity of these propositions will later on
be validated through a numeric example.

1. The tensile capacity of the section Np needs to
be replaced by the member nominal compressive
capacity Cn including residual stress and inelastic
buckling effects

2. The applied bending moments, Mx and My need
to be replaced by the corresponding second order
bending moments Mxδ and Myδ which incorporate
the p− δ effects.
In general, a given internal force combination (C,

Mxδ, Myδ, T ) will not lie on the interaction surface,
i.e., the left hand side of Eq. 2 will generally differ
from unity. We thus introduce a load proportional-
ity scaling factor α to the internal force combination,
so that the new load combination α (C, Mxδ, Myδ, T )
lies on the interaction surface. By applying the above
modifications, one obtains the modified interaction
equation

For a given section and a load combination, the only
unknown in Eq. 3, is the load proportionality factor
α. Equation 3 is to be solved for α. A value of unity
indicates that the load combination (C, Mxδ, Myδ, T )
lies on the interaction surface.A value larger than unity
indicates that the original load combination was inside
the interaction surface (i.e., safe) and thus had to be
magnified to lie on the interaction surface, while a
value lower than unity indicates that the original load
combination was outside the interaction surface (i.e.,
unsafe), and thus need to be scaled down to lie on the
interaction surface.
The value of Cn is to be determined from column

curves (Eq. 1 or Fig. 2–4). The values of modified
bending moments need to be determined using either
(a) a finite element analysis including geometric and
material nonlinear effects or (b) an approximate code
approach. Code approaches (e.g., AISC-360 2005;
CAN/CSA-S16 2009) are generally based on increas-
ing the applied bending moments by a magnification
factor or reducing the plastic capacity of the section
by a reduction factor (e.g., EN 1993-1-1 2005). In the
FEA approach, the second order bending moments at
the section of interest are calculated using the inter-
nal stresses and the deformed configuration of the
member.

Figure 4. Best representative column curves.

4.1 Design example

The problem described in the Nowzartash &Mohareb
(2009) is solved again here. It is recalled that the
forces applied to the design section (i.e., middle por-
tion of the member) are C = 1000 kN, Mx = 50 kNm,
My = 15 kNm and T = 20 kNm. Member length is
3.0m and is simply supported with respect to bending
moments. It is required to determine the percentage of
the applied loads the member is able to withstand.

4.2 Solution proposed in present study

In contrast with the solution presented in Nowzartash
& Mohareb (2009), geometric nonlinearities were
evoked in the present solution to capture buck-
ling effects induced by the compressive force. This
enabled the Abaqus model to capture second order
resistance reduction caused by the p− δ effect.
The sectional properties of EHS-250× 125× 8 as
extracted fromCorus tubes (2005) are radii of gyration
rx = 77.8mm, ry = 44.9mm, the plastic section mod-
ulii Zx = 307× 103 mm3, Zy = 186× 103 mm3 and

cross sectional area A= 4510mm2.
UsingEq. 1 and considering that the section buckles

about weak axis one has

The section flexural and torsional capacities are

From the FEA model, the maximum bending
moments including second order effects at the middle
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Figure 5. (a) FEA model, (b) End plates and boundary conditions.

Figure 6. Load vs. Deflection curve for the design example.

section of the member were found asMxδ = 56.5 kNm
andMyδ = 26.5 kNm. These values were calculated by
adding the longitudinal forces (z direction) induced by
the externally applied axial force by the displacements
in the x and y axes (in the deformed configuration),
respectively.
By substituting the second order moment values

into Eq. 3 and using the Newton-Raphson method,
a load proportionality factor α= 0.785 was obtained.
This value compares to 0.808 as predicted from a geo-
metrically and materially nonlinear FEA as depicted
in the load versus midspan deflection on Fig. 6 for
comparison. Also, shown on the figure is a plot for
the moment versus midspan deflection when geomet-
rically nonlinear effects are suppressed.

4.3 Canadian Standard Solution

Using CAN/CSA-S16 (2009) and targeting nominal
resistances setting the resistance factor φ to unity, one

obtains the nominal compressive resistance

Also, the Euler buckling loads are

For a laterally loaded member, the moment gradi-
ent factor is taken as ω1 = 1.0, and the corresponding
coefficients U1x,U1y which account for the combined
effects of P-δ andmoment gradient effects are taken as

By using the interaction equation provided in Clause
13.8.3, one has

The corresponding proportionality scaling factor α is
1/1.80= 0.55 which is superimposed on Fig. 6.
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4.4 Eurocode 3 Solution

According to Eurocode 3 (EN 1993-1-1 2005) mem-
bers subjected to combined bending and axial com-
pression should satisfy the interaction relations

whereNEd is the compression force designvalue,My,Ed
and Mz,Ed are the bi-axial bending moments design
values. NRk is the section resistance to normal forces,
My,Rk and Mz,Rk are the section resistance to bi-axial
bending moments. �My,Ed and �Mz,Ed are moments
due to shift of centroid for class 4 sections. χLT is the
reduction factor due to lateral torsional buckling. χz
and χy are reduction factors due to flexural buckling,
γM1 is unity for steel in the buildings, and kyy, kyz , kzy
and kzz are interaction factors.
The EHS used in this example is Class 2,

(Nowzartash & Mohareb 2009) (i.e., �My,Ed and
�My,Ed vanish, and section reaches its plastic bending
resistances) and is not susceptible to torsional buckling
(i.e., χLT = 1). Under these conditions, the interaction
relations simplify to

where fy is the yield stress, A is the cross section area,
Wpl,y and Wpl,z are the plastic section modulii.
From Eurocode 3 section 6.3.1, non-dimensional

slenderness ratio about strong axis is

and the reduction factor due to flexural buckling about
strong axis is

In a similar manner,

FromAnnex B, table B.3 one gets Cmy =Cmz = 0.9.
Also, from Table B1 of Annex B, one obtains

By substituting into Eq. 11 one can calculate the
interaction coefficients.

The corresponding load proportionality factor α is
1/1.49= 0.67. This value is superimposed on Fig. 6.
As can be seen in this example, the interaction

relation proposed in the present study predicts a com-
pressive resistance of the member that is 97% of that
predicted by the FEA. This is an improvement com-
pared to the current Canadian code which predicts a
compressive resistance of 68%of theFEAsolution and
the Eurocode which predicts a compressive resistance
of 83% of the FEA solution.

5 CONCLUSION

The efficiently design members of elliptical hollow
sections necessitates the use of interaction relations
which account for residual stress effects, initial out-
of straightness, local and global buckling effects and
plasticity effects.Towards, this goal amethodologyhas
been proposed in this paper to generate such interac-
tion equations for the case of biaxial bending, torsion,
and axial force. A comparison with non-linear finite
element results suggests the validity of the approach
proposed and its less conservative nature when com-
pared to existing interaction relations in the Canadian
and Eurocode.
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Finite Element modelling of beam to concrete filled elliptical steel
column connections

D. Lam & X.H. Dai
School of Engineering, Design and Technology, University of Bradford, UK

ABSTRACT: Composite concrete filled steel tube columns are increasingly used for high-rises building struc-
tures, owing to their excellent structural performance which arises from the combination of the two different
materials in the structure. Composite structures exploit the characteristics of steel and concrete: steel with its
high tensile strength and ductility and concrete with its high compressive strength and stiffness. Hot finished
Elliptical Hollow Section (EHS) is a new range of cross-sections recently available to the building industry;
this new shape has an aesthetically pleasing appearance and improved structural efficiency due to its different
major and minor axis. Numerous experimental and numerical studies have been carried out on beam to column
connections of concrete filled steel tubular columns with circular, square and rectangular sections; however the
behaviour of beam to concrete filled elliptical steel column connection remains unexplored to date. This paper
presents the behaviour of beam to column connections with concrete filled elliptical steel columns. Finite Ele-
ment (FE) models were developed using ABAQUS to investigate various types of beam to column connections
for elliptical concrete filled steel columns. Based on the analysis and comparison, effect of some of the important
parameters to the behaviour of the elliptical concrete-filled steel tube columns was highlighted.

1 INTRODUCTION

Composite concrete filled steel tube columns are
increasingly used for high-rises building structures,
owing to their excellent structural performance such
as superior load-bearing capacity, high ductility, good
energy dissipation which arises from the combina-
tion of two different materials. Hot finished elliptical
hollow section (EHS) represents a new range of cross-
sections recently available to the construction market.
This new shape has an aesthetically pleasing appear-
ance and improved structural efficiency due to its
different major and minor axis. In general, concrete
filled composite columns with circular hollow sec-
tions (CHS) have the advantages over columns with
other section shapes due to the circular cross sections
provide an uniform confinement to the concrete core.
The concrete filled columns with square hollow sec-
tion (SHS) and rectangular hollow section (RHS) have
many common virtues to the concrete filled columns
with circular hollow sections, high ductility and large
energy-absorption capacity. However, the disadvan-
tage of the square and rectangular sections lieswith the
stress concentration at the corners of the steel sections
which may result in cracking when the member is sub-
jected to axial compression.Experiments and numer-
ical modelling carried out by Willibald et al (2006a,
b) and Martinez-Saucedo et al (2008) for elliptical
steel tube hollow section joints provided some design
recommendations and guidance. This paper presents
numerical research on elliptical concrete filled steel

tubular column to beam connections currently being
carried out at the University of Bradford.
The main objective of the research presented in

this paper is to investigate the structural behaviour of
elliptical concrete filled steel tube column to beam
connections subjected to bending. It focuses on the
following aspects: (1) develop a nonlinear finite ele-
ment model through ABAQUS solver to investigate
the structural behaviour of concrete filled steel tubu-
lar column and the moment and rotationalcapacity of
column to beam connections; (2) identify the failure
modes of typical beam to elliptical concrete filled steel
tube column joints; (3) providesdesign guidance for
designers.

2 ELLIPTICAL CONCRETE FILLED STEEL
TUBE COLUMNTO I-BEAM JOINT
ASSEMBLY

Beam-column connection is an important compo-
nent in any steel framed buildings. All the loads
are transferred from beam to columns through the
joints; therefore how joint components behave in a
framed structure has critical influence to the building
integrity and behaviour. Despite extensive researches
being carried out on steel-framed structures in the past
and has resulted in development of design methods
that are now being adopted in routine structural steel
design, large gap remains in understanding the struc-
tural behaviour of concrete filled steel tube column to
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Figure 1. Joint assemblies.

beam connections; especially for columns with ellip-
tical section shape.With the increasing use of circular
hollow sections, gusset plates orwelded fin plates have
been the main connection components for steel hol-
low section to other structural members. (Willibald
et al (2006a, b), Martinez-Saucedo et al (2008)) How-
ever, very few research publications could be found
for elliptical concrete-filled steel tube column to beam
connections.
To understand the behaviour of elliptical concrete

filled tubular column to beam connections, 4 joint
assemblies A, B, C and D as shown in Figure 1 are
adopted to investigate the basic behaviour and failure
modes. For all the assemblies, beams are connected to
the column by fin plates using 3No.M20Gr. 8.8 bolts.
All the fin plates are welded to the column. For JointA,
through plate is welded in the minor axis to represent

the connection in the other direction. For the minor
axis, through plate connection is tested at Joint C. For
all the joint assemblies, elliptical hollow sections of
200× 100× 5mm with length of 1000mm were used
together with beam sections of 305× 127× 48 UB;
length 500mm.
The 4 joint assemblies are:

Joint-A: two fin plates of 220× 110× 8mm in
the major axis direction; one stiffener plate:
220× 140× 8mm in the minor direction.
Joint-B: two fin plates of 220× 110× 8mm in the
major axis direction; no stiffener plate.
Joint-C: combined fin and stiffener plate of
220× 320× 8mm in the minor axis direction.
Joint-D: two fin plates of 220× 110× 8mm in the
minor axis direction; no stiffener plate.

3 FINITE ELEMENT (FE) NUMERICAL
MODELLING

3.1 FE model

It is undoubtedly that full-scale testing provides the
most effective method in understanding the behaviour
of a structural member, however experimental stud-
ies are costly and time consuming. This leads to the
development and application of numerical method
in engineering researches. Numerical modelling has
been successfully utilized in prediction the axial com-
pressive behaviour of concrete-filled steel tubular
columns (Dai andLam (2010a, b)).This section briefly
describes the numerical finite element (FE) method
adopted in this research.

3.2 Member material properties

All the joint assemblies shown inFigure 1with unfilled
and concrete filled EHS columns will be tested
under multiple loading conditions at the University of
Bradford, however before the measured material prop-
erties of all joint assembly member are available,
stress-strain relationship of steel shown in Figure 2(a)
was adopted for the FE models. Key parameters of
material properties of steel for EHS columns, beams,
fin plates and stiffener plates are taken as follow: elas-
tic modulus 205GPa, yield strength 350MPa and cor-
responding strain of 0.002, ultimate strength 500MPa
with corresponding strain of 0.15. The material prop-
erties of the bolts are: elastic modulus 210GPa, yield
strength 640MPa with corresponding strain of 0.002,
ultimate strength 800MPa with corresponding strain
0.15. The elastic modulus of concrete is 26.7GPa,
maximum compressive strength of 31.9MPa with the
corresponding strain of 0.0026. The concrete stress-
strain relation given in Figure 2(b) has taken the con-
finement effect by the EHS column into consideration.

3.3 Loads and boundary conditions

Atypical joint assemblyof the composite framed struc-
tures is shown in Figure 3(a), the top flange of the
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Figure 2. Material properties of joint members.

beams are restrained by concrete slabs. The load is
transmitted to the columns through the connection
components in the forms of shear and bending. In
this paper, the distribution load from slabs is simply
replaced by a concentrated load applied at the beam
ends.
Under the aforementioned loading conditions, the

joint assembly will experience the following deforma-
tion as shown in Figure 3(b): column axial shortening,
d at the top; beam rotation, φ through the joint. The
possible failuremodes expectedmight be column local
buckling or crush yielding under compressive loads,
connection components failure (shear, tensile or bear-
ing failureof the bolts), beamweb buckling, etc. In this
research, lateral restraints are provided to the beams
against lateral torsional buckling to occur. Figure 3
shows the loading arrangement of the joint assembly.

3.4 Finite element mesh

The nonlinear finite element analysis software pack-
age ABAQUS is adopted to develop a nonlinear
finite element (FE) model to capture the structural
behaviour of beam toEHScolumn connections.Three-
dimensional 8-node solid element (C3D8) is adopted
in the FE model. In both ends, the rigid plate is tied
to the tube and core end surfaces. Contact pairs are
defined as surface-to-surface contact to account for

Figure 3. Loading arrangement and deformation.

the interaction between steel tube and concrete core,
boltsto fin plate and the beam web, stiffener plate to
concrete core, etc. “Hard contact” was assumed for the
normal contact behaviour and re-open is allowed. In
tangential direction, the general bond action was sim-
ulated only through the contact friction and friction
coefficient of 0.3 is adopted in this study. No imper-
fection is introduced into the numerical models in this
study.

3.5 Stress – strain model of the confined
concrete

For concrete-filled steel tubular column members, the
confinement effect by the steel hollow section to the
concrete core has been recognized, which enhanced
the compressive strength of the infill concrete. The
research presented in this paper adopts the stress-
strain model developed by Han et al (2005, 2007)
for concrete filled in circular sectionsand extends its
application to elliptical steel hollow sections.
Details to stress-strain modelofconfined concrete

in circular steel hollow sections are introduced in
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Figure 4. Typical finite element mesh.

publications (Han et al 2005, 2007). In whichthe basic
form is described as following:

In the above formulae, fck is the cylinder compres-
sive strength of the concrete and ξ is the confinement
factor whose expression is described as following:

where As and Ac are the cross-sectional areas of the
steel and concrete. fy is the yield strengthof steel and fck
is the cylinder strength of the unconfined concrete.The
Young’smodulus of the confined concrete followed the
empirical formulation provided inACI (1999) andmay
be described asEc = 4700√fck MPa.The Poisson ratio
of the confined concrete is taken as 0.2.

4 COMPARISON OF RESULTS

4.1 Joint-A: Major axis connection with stiffener

Figure 5 shows the comparisons of Joint-A with
unfilled and concrete filledEHScolumns.As expected
with the unfilled EHS column, the tube wall is sub-
jected to direct tension at the upper portion of the

Figure 5. Joint-A: M – φ characteristics and deformed
shapes.

connection, but experienced direct compression near
the bottom of the connection. Local inwards buck-
ling occurs near the bottom of the connection. The
deformed shapes of the joint are shown in Figure 5(b).
Although the through plate for the minor axis connec-
tion is acting as a stiffener for the EHS, deformation
of the tube wall could not be completely eliminated.
For the joint assembly with concrete filled column,
local inwards buckling of the column wall due to the
direct compression at the bottom flange of the beam
is restrained by the concrete infill, therefore higher
moment capacity were obtained as shown in Fig-
ure 5(a).The deformed shapes of JointAwith concrete
filled EHS column is shown in Figure 5(c).

4.2 Joint-B: Major axis connection without
stiffener

Figure 6 shows the comparison of Joint-B with con-
crete filled or unfilled column. Similar to Joint-A, the
joint assembly with unfilled EHS column experienced

292



Figure 6. Joint-B: M – φ characteristics and deformed
shapes.

extensive deformation at the location near the upper
portion of the connection but inwards buckling near
the bottomof the connection, In contrast, a relative less
deformation is observed for the filled EHS column,
therefore the moment capacity and connection stiff-
ness for the joint assembly with concrete filled EHS
column is significantly higher than that of joint assem-
bly with unfilled column as shown in Figure 6(a). The
deformed shapes of Joint B with unfilled and concrete
filled EHS columns are shown in Figure 6(b) and (c).

4.3 Joint-C: Minor axis through plate connection

A through plate connection is used for Joint-C which
combined the function of a fin plate and stiffener plate.
Figure 7(a) shows the comparison of the moment rota-
tion responses of the Joint-C with concrete filled or
unfilled EHS columns. The shear force and bending
moment were initially transferred via the combined
fin and stiffener plate, therefore the moment rota-
tion curves for both the concrete filled and unfilled

Figure 7. Joint-C: M – φ characteristics and deformed
shapes.

columns are nearly the same up to 70 mRad. However,
with further joint rotation and contact of the bottom
flange of the beam, the concrete infill were able to
restrained the deformation of the column wall from
inward buckling, therefore leading to a significance
increases in moment capacity for the joint assem-
bly with concrete filled EHS column. The deformed
shapes of both joint with unfilled and filled EHS
columns are shown in Figure 7(b) and (c).

4.4 Joint-D: Minor axis connection without
stiffener

Figure 8(a) shows the comparison of the results for
the minor axis connection of Joint-D with concrete
filled and unfilled EHS columns. As expected, the
infill concrete restrained the inward deformation of
the tube wall and led to increases in moment capac-
ity. Although inward buckling is eliminated due to
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Figure 8. Joint-D: M – φ characteristics and deformed
shapes.

the concrete infill, outward deformation near the top
of the connection cannot be eliminated, some sepa-
ration is observed in the deformed shape shown in
Figure 8(c). For the unfilled EHS column, because the
low initial stiffness and direct compression from the
applied load, the moment capacity of this connection
with unfilled EHS column is significantly reduced due
to the inability to restrain the inward buckling of the
unfilled tube wall. The deformed shapes of the minor
axis connection with unfilled EHS column are shown
in Figure 8(b).

4.5 Comparison of joints with empty hollow
section columns

Figure 9 shows a comparison of joint assemblies with
major axis connections and unfilled EHS columns.As
expected, the moment capacity of Joint-A is slightly

Figure 9. Comparison of joints with unfilled columns and
major axis connections.

higher than that of Joint-B due to the minor axis
stiffener plate. However, the effect is not evident in
restraining the cross section deformation. Figure 10
shows a comparison of joint assemblies with minor
axis connections and unfilled EHS columns. Obvi-
ously the moment capacity of Joint-C is much higher
than that of Joint-D due to the shear force and bending
momentwere initially transferred via the combined fin
plate and stiffener.
Figures 9 and 10 show the deformed shapesand

stress distribution in the joint that indicated the higher
stress location and possible failure mode: fin plates
and fin to column welds.

4.6 Comparison of joints with concrete filled
columns

Figure 11 shows a comparison of joint assemblies
with major axis connection and concrete filled EHS
columns. Different to the joints with unfilled EHS
columns, their moment capacities are almost identical.
The EHS column was restrained by the concretein-
fill. Figure 12 shows a comparison of joint assem-
blies with minor axis connection and concrete filled
EHS columns. Although the inward deformation was
restrained by the concrete core in Joint-D, the sep-
aration of the core and steel section is clearly visible
close to the upper portion of the fin plates.Themoment
capacity of Joint-D is lower than that of Joint-C. Fig-
ure 12 shown the stress distribution near the joint and
possible failure modes.

294



Figure 10. Comparison of joints with unfilled columns and
minor axis connections.

Figure 11. Comparison of joints with filled columns and
major axis connections.

Figure 12. Comparison of joints with filled columns and
minor axis connections.

5 CONCLUSIONS

This paper presents moment rotation behaviour and
failuremodes of joint assemblies with concrete filled
and unfilled EHS columns. Based on the compari-
son and analysis, the effects of connection component
arrangement and effect of the concrete infill to the
structural behaviour of joint assembly are highlighted.
The results showed that concrete filled columns pro-
vided significant increases in moment capacity and
initial stiffness to the connections. Through plate con-
nection is recommended for minor axis beam to EHS
column joints.
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Elastic buckling of elliptical hollow sections under linearly varying
in-plane stress distributions

J.M. Abela & L. Gardner
Department of Civil and Environmental Engineering, Imperial College London, London, UK

ABSTRACT: The structural behaviour of elliptical hollow sections has been examined in previous studies
under several loading conditions, including pure compression, pure bending and combined uniaxial bending and
compression. This paper examines the elastic buckling response of elliptical hollow sections under any linearly
varying in-plane loading conditions, including the most general case of combined compression and biaxial
bending.An analytical method to predict the elastic buckling stress has been derived and validated against finite
element results. The predictive model first identifies the location of the initiation of local buckling based on the
applied stress distribution and the section geometry. The critical radius of curvature corresponding to this point
is then introduced into the classical formula for predicting the elastic local buckling stress of a circular shell.
Comparisons reveal that the analytical predictions of elastic buckling stresses are consistently below the finite
element results but within 2.5% for thin shells and 7.5% for thick shells.

1 INTRODUCTION

Research activity in the area of elliptical sections has
increased in recent years due to their emergence as hot-
rolled structural products. Elliptical hollow sections
(EHS) combine the elegance of circular hollow sec-
tions (CHS) with the improved structural efficiency in
bending associated with sections of differing flexural
rigidities about the two principal axes. This behaviour
has been exploited in a number of recent projects
that have adopted EHS as structural elements, such
as the Honda Central Sculpture in Goodwood, UK,
the Society Bridge in Braemar, UK (Corus 2006) and
the airport at Barajas inMadrid, Spain (Viñuela-Rueda
and Martinez-Salcedo 2006). EHS were also included
in the new edition of the European product standard
EN 10210 (CEN 2006), which provides a standard
range of dimensions of sections with an aspect ratio of
2 (i.e. a/b= 2, where a and b are the major and minor
axis dimensions, respectively).

2 LITERATURE REVIEW

2.1 Compression

Marguerre (1951) made the first attempt at represent-
ing the buckling behaviour of cylindrical shells of
variable curvature under compression. The work was
later continued by Kempner (1962) and Hutchinson
(1968). Kempner’s (1962) work concluded that the
elastic buckling stress of an oval hollow section (OHS)
could be accurately predicted as the buckling stress of
a circular hollow section (CHS) with a radius equal

to the maximum radius of curvature of the OHS. This
solution was shown to be a lower bound. Hutchinson
(1968) found that this approach could also be applied
to elliptical hollow sections (EHS), provided that the
shell is sufficiently thin. The proposals were later con-
firmed by experiments carried out by Tennyson et al.
(1971).
Further investigations have been carried out by Zhu

and Wilkinson (2006), Chan and Gardner (2008a),
Ruiz-Terán and Gardner (2008) and Silvestre (2008).
These studies confirmed that Kempner’s (1962)
approach of basing the elastic buckling load of an
EHS on that of a CHS with a radius equal to the
maximum radius of curvature of the ellipse is accept-
able but with increasing errors for higher aspect ratios
and thicker sections. Analyses of the elastic buck-
ling response of EHS using generalised beam theory
(GBT)was undertaken by Silvestre (2008). BothRuiz-
Terán and Gardner (2008) and, using GBT, Silvestre
(2008) proposed modifications to the Kempner equa-
tion to achieve more accurate predictions of the elastic
buckling stress of EHS of various aspect ratios.

2.2 Bending

Investigations on elliptical cylinders subjected to
major axis bending were carried out by Heck (1937)
and Gerard and Becker (1957) where it was observed
that although the maximum compressive stress occurs
at the stiffest part of the cross-section (which is most
resistant to buckling), the critical radius of curvature
occurs at a point between the maximum and mini-
mum radii of curvature. Gerard and Becker (1957)
derived the critical radius for major axis bending
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to be rcr,b,ma = 0.649a2/b by optimising the function
composed of the varying curvature expression and
the elastic bending stress distribution. For minor axis
bending, the location of initiation of buckling was
found to be at the same location as for an EHS
under compression (i.e. rcr,b,mi = a2/b). Once the criti-
cal radius of curvature (i.e. the location of the initiation
of buckling) has been determined, the elastic buckling
stress of the EHS can again be calculated by means of
the elastic buckling expression for a CHS.

2.3 Combined actions

The performance of EHS under combined compres-
sion and uniaxial bending was investigated in Gardner
et al. (2011), based on the results of the pure compres-
sion andbending results proposed inChanandGardner
(2008a, 2008b). The critical radius of curvature for an
EHS under compression and minor axis bending was
found to be similar to the pure compression and pure
minor axis bending cases, where rcr,mi is expressed
as a2/b. Under combined compression and major axis
bending, the critical radius will shift towards the cen-
troidal axis as the compressive part of the loading
increases, and an expression in terms ofψ, the ratio of
the end stresses, was proposed.A simplification of this
expression for a/b= 2, considering a conservative lin-
ear transition between the pure compressive and pure
major axis bending critical radii, is:

where rcr,b,ma and rcr,c are the critical radii of curva-
ture for puremajor axis bending and pure compression
respectively and ψ is the ratio of the end stresses and
is in the range of −1≤ψ≤ 1.

3 ANALYTICAL STUDY OF ELASTIC
BUCKLING OF EHS UNDER
COMBINEDACTIONS

The elastic buckling stress σcr of an EHSmay be found
from the classical buckling stress (Gerard and Becker
1957, Kempner 1962) expression:

where rcr corresponds to the point of initiation of local
buckling in the cross-section, which depends on the
applied stress distribution, E is Young’s modulus, t is
shell thickness andν is Poisson’s ratio.
This section of the paper will focus on finding the

exact location of the critical radius of curvature (i.e.
the location of the initiation of local buckling) when
an EHS is subjected to linearly varying stress distribu-
tions, with particular reference to the case of combined
compression and biaxial bending. This load case can

Figure 1. EHS under combined compression and biaxial
bending, and stress distributions along centroidal axes.

be achieved by applying a compressive force (N ) at
eccentricities (ez and ey) to the centroid of the sec-
tion, producing the stress distributions illustrated in
Figure 1.
The location of the critical radius rcr in this casemay

be found by optimising the product of the stress func-
tion σr (i.e. the product of the elastic bending stress
distribution and the radius of curvature); i.e. finding
the location at which the stress causing local buck-
ling is minimum. This method was originally used by
Gerard and Becker (1957) to find the critical radius for
the pure major axis bending case. It is therefore nec-
essary to define equations for stress and the radius of
curvature in order to assemble the stress function. An
EHS subjected to a combination of a compressive load
and moments about both axes would have an elastic
stress distribution defined, at any location, by:

where σc =N /A is the uniform compressive stress, in
which N is the applied compressive load and A is the
cross-sectional area, σz1(z/a) is the linearly varying
stress associated with the major axis, σy1(y/b) is the
linearly varying stress associated with the minor axis,
σz1 =Neya/Iy at z= a, where Iy is the secondmoment
of area about the major axis, and σy1 =Nezb/Iz at
y= b, where Iz is the second moment of area about
the minor axis.
The general expression for the radius of curvature

of an EHS is:

The mathematical optimisation of the stress func-
tion σr may be performed by using the method
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Figure 2. Critical radius rcr envelope for a generalised linearly varying in-plane stress distribution for an EHS with varying
stress ratio χ and a/b= 2.

of Lagrange multipliers. The expressions for the
Lagrange function L and multiplier λ are found to be:

By substituting, optimising and setting the partial
derivatives of L to zero, an expression for zcr (i.e. the
distance from the centroid in the major axis direction
at which local buckling initiates) may be numerically
defined by Eq. (8).

in which η and χ are:

where η is the ratio of the extreme fibre bending
stresses about the minor and major axes and χ is the
ratio of the pure compressive stress to the extreme fibre
major axis bending stress.
The solution for zcr from Eq. (8) may then be sub-

stituted into Eq. (4) to obtain the value of the critical
radius rcr , which may, in turn, be substituted into
Eq. (2) to determine the elastic buckling stress σcr .

4 ANALYSIS OF RESULTSAND
COMPARISONWITH KEY
EXISTING SOLUTIONS

Analysis of the critical radii of curvature of EHS under
individual loading conditions from pure compression
to pure bending has been carried out by Chan and
Gardner (2008a, 2008b) and Ruiz-Terán and Gardner
(2008).More recently the effect of combined compres-
sion and uniaxial bending has been studied byGardner
et al. (2011).
This section aims to validate the generalised analyt-

ical solution for the elastic buckling stress presented
above by comparing it to the existing analytical solu-
tions for EHS under the pure and combined load
cases.
Figure 2 is a graphical representation of all the pos-

sible locations of initiation of buckling of an EHS
under any linearly varying in-plane stress distribu-
tion for varying χ; a similar figure could be produced
for varying η on the horizontal axis. Special cases of
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pure compression and pure bending, and the combined
cases are illustrated, showing that the result of the
generalised elastic stress expression defined by sub-
stituting Eq. (8) in Eq. (4) gives the same results as the
existing analytical formulations for all the key cases.
Eq. (8) is solved numerically here for a/b= 2, where
the ratio rcr/a is plotted against χ for values of η= 0.0
to 5.0.
Figure 2 shows that as η increases (maintaining

χ= 0) the applied load changes from pure major axis
bending to pure minor axis bending as η→ ∞. The
variation in χ traces the position of the EHS’s critical
radius from pure bending (when χ= 0) to pure com-
pression (as χ→ ∞). Hence (η= 0, χ= 0) represents
a pure major axis bending case, (η→ ∞, χ= 0) repre-
sents pure minor axis bending and (η→ ∞, χ→ ∞)
represents pure compression.

5 NUMERICAL MODELLING

A numerical investigation was carried out to verify
the results of the analytical study and to assess the
effects of relative thickness t/2a on the elastic buck-
ling stress of elliptical hollow sections with a range
of cross-sectional aspect ratios (a/b) subjected to var-
ious proportions of biaxial bending and compression.
These analyses were carried out using the commercial
nonlinear FE package ABAQUS (ABAQUS, 2010).

5.1 Model description

The FE models were developed with fixed major
axis dimensions measuring 2a= 400mm and varying
minor axis dimensions measuring 2b= 266.66mm,
200mm and 133.33mm representing ellipses with
aspect ratios of a/b= 1.5, a/b= 2 and a/b= 3 respec-
tively. These major and minor axes dimensions relate
to the centre-line (mid-thickness) of the sections.
The length of all models was taken as 800mm (i.e.
L/2a= 2).The first part of the analysis focussed on
the use of thin shells to verify the analytical results.
A constant cross-sectional thickness of 0.1 mm was
used in this part of the analysis dealing with the effect
of varying the aspect ratio on the elastic buckling
stress. The relative thickness t/2a used was there-
fore 0.00025 (or 1/4000). Thicker sections were then
analysed in the second part of the study in order to
investigate the influence of shear deformations. The
aspect ratio was kept constant in this part of the study
(a/b= 2; 2a= 400mm and 2b= 200mm) while the
cross-sectional thicknesses used were 16, 12.5, 8, and
2mm, corresponding to relative thicknesses t/2a equal
to 0.04, 0.03125, 0.02 and0.005 (i.e. ranging from1/25
to 1/200).
The element type employed was a quadrilateral,

stress/displacement shell element S4R, with reduced
integration, a large-strain formulation and six degrees
of freedom per node (ABAQUS, 2010). These ele-
ments allow transverse shear deformation and use
thick shell theory when the shell thickness is large,

Table 1. Comparison of the numerical and analytical values
of elastic buckling stress obtained from the proposed general
expression for various cases.

σA σFE
Loading condition a/b (N/mm2) (N/mm2) σA/σFE

Pure compression 1.5 42.36 42.82 0.989
2 31.77 32.16 0.988
3 21.18 21.48 0.986

Pure minor axis 1.5 42.36 42.94 0.987
bending 2 31.77 32.24 0.985

3 21.18 21.53 0.984

Pure major axis 1.5 65.22 66.48 0.981
bending 2 48.66 49.81 0.977

3 31.50 32.33 0.974

Combined compression 1.5 42.37 42.91 0.987
and minor axis bending 2 31.77 32.22 0.986
(at ez = 200mm, 3 21.18 21.52 0.984
ey = 0mm)
Combined compression 1.5 52.91 53.75 0.984
and major axis bending 2 40.25 41.00 0.982
(at ez = 0mm, 3 25.83 26.36 0.980
ey = 200mm)
Combined compression 1.5 44.19 44.79 0.987
and biaxial bending 2 32.76 33.25 0.985
(at ez = 200mm, 3 21.60 21.95 0.984
ey = 200mm)

but become discrete Kirchhoff thin shell elements as
the thickness decreases.
The elastic material properties of structural steel

(E = 210000N/mm2 and ν= 0.3) were employed for
all models. Rigid end plates were affixed to the EHS
members, and boundary conditions were specified to
achieve pinned end conditions. Load was applied at
various eccentricities to achieve a range of in-plane
stress distributions.The eccentricities atwhich the load
was applied were all combinations of 0, 10, 25, 50,
100, 200 and 1500mm in both the major and minor
axes directions.

5.2 Verification of analytical model
for thin shells

All the elastic buckling loads reported in this investi-
gation correspond to the lowest local buckling mode
obtained from the numerical analyses.The results from
the numerical models were used to verify the proposed
general elastic buckling stress equation for all thin
shells (t = 0.1mm) of aspect ratios a/b= 1.5, 2 and 3.
Table 1 and Figure 3 (results plotted againstψ for both
major and minor axes) illustrate the variation in the
ratio of analytical to numerical stresses (σA/σFE) with
the ratio of end stresses in theminor and themajor axes.
For all cases, the ratio of stresses σA/σFE is close to
unity, indicating good correlation between the numer-
ical and analytical results. For the geometries consid-
ered, the maximum disparity between the analytical
and numerical results is less than 2.5% (Table 1).
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Figure 3. Variation of the ratio of analytical to numerical
stresses with ψz (minor axis) and ψy (major axis) for all
aspect ratios considered and a range of values of η.

5.3 Assessment of analytical model
for thick shells

After validating the proposed generalised analytical
modelwith the existing solutions andnumerical results
for thin shells, the effect of increasing shell thick-
ness was investigated using EHS with a/b= 2 and
additional thicknesses of 2, 8, 12.5 and 16mm (i.e.
t/2a= 1/200, 1/50, 1/32 and 1/25).All numerical anal-
yses were also performed using a section length of
L/2a= 2.
Figures 4 (a), (b) and (c) show a comparison

between numerical and analytical results for combined
compression and uniaxial or biaxial bending for EHS
with a/b= 2 and a range of relative shell thicknesses.

Figure 4. Comparison between numerical and analytical
results for (a) combined minor axis bending and compres-
sion, (b) combined major axis bending and compression and
(c) combined compression and biaxial bending with χ and η
vary from 0 to infinity for EHS with a/b= 2 and a range of
relative shell thicknesses.
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Figure 5. Comparison between numerical and modified
analytical results for (a) combined minor axis bending and
compression, (b) combinedmajor axis bending and compres-
sion and (c) combined biaxial bending and compression for
EHS with a/b= 2 and a range of relative shell thicknesses.

The comparisons show that while the analytical solu-
tions are very accurate for thin shells, as the relative
thickness increases, the analytical solutions become
less accurate and diverge from σA/σFE = 1. However,

for the thickest shells considered with t/2a= 0.04, the
deviation still remains below 20%.
To address the deviation of the analytical model

from the numerical results with increasing shell thick-
ness, a modification factor g is introduced hence:

Figures 5 (a), (b) and (c) show the effect of the g
factor on the data presented in Figures 4 (a), (b) and
(c).The results for thin shells may be seen to be largely
unaffected by the modification while those for thicker
shells are shifted closer to the numerical results. For
the cases considered, themaximumdiscrepancy is now
less than 7.5%.

6 CONCLUSIONS

The elastic buckling of elliptical hollow sections
(EHS) under combined axial compression and biaxial
bending has been examined in this study.An analytical
model has been derived for the calculation of elastic
buckling stress for a generalised loading case. This
model first identifies the location of the initiation of
local buckling based on the applied stress distribution
and the section geometry. The critical radius of cur-
vature corresponding to this point is then introduced
into the classical formula for predicting the elastic
local buckling stress of a circular shell. The results
obtained from the analytical model have been com-
pared to existing solutions and validated against finite
element results. The results showed very good corre-
lation between the two solutions for thin shells with a
disparity of less than 2.5%. For thicker shells, greater
deviation was observed. Hence, the analytical solution
was modified by introducing a factor g, to account for
the effect of increasing shell thickness. The maximum
error for thick shells under combined compression and
biaxial bending was now reduced to less than 7.5%.
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Elliptical hollow section beam-columns
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L. Gardner
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ABSTRACT: The structural behaviour of Elliptical Hollow Section (EHS) beam-columns is studied in this
paper. Results of previous research on beam-columns at the cross-sectional level are summarised, while for
the investigation of global instability, new experimental and numerical data are presented and analysed. Thirty
three EHS beam-columns, with a constant cross-sectional aspect ratio of two, were tested and numerical models
were validated based on the test results. Further parametric studies considering a range of aspect ratios and
slenderness ratios were also performed. Design rules covering instabilities in elliptical hollow section beam-
columns have been assessed based on the experimental and numerical findings. It was found that existing design
expressions for hot-finished hollow section beam-columns are also applicable to EHS members.

1 INTRODUCTION

Elliptical hollow sections (EHS) have been recently
added to the tubular product standardEN10210 (2006)
and to the industry design guidance produced by SCI
and BCSA (2009), which has increased their adop-
tion as load-bearing members in construction. Despite
extensive research on EHS cross-sections and mem-
bers in compression (Gardner & Chan 2007, Chan &
Gardner 2008a, b, 2009, Gardner et al. 2008 & 2010,
Insausti & Gardner 2010, Zhao & Packer 2009), there
is limited knowledge on themember instability of EHS
beam-columns; hence, this is the focus of the present
study.
Research into the behaviour of hot-finished EHS

at the cross-sectional level has been conducted by
Gardner et al. (2011), in which the response of EHS
under combined compression plus uniaxial bending
was examined. A total of 4 stub columns tests under
pure compression and 8 under eccentric compression
with various load eccentricities (4 about theminor axis
and 4 about themajor axis) were performed, in parallel
with numerical analyses. On the basis of the experi-
mental and numerical findings, equivalent diameters
for EHS under compression and uniaxial bending and
the corresponding cross-sectional slenderness limits
were derived. It was found that the fully plastic inter-
action formulae developed byNowzartash&Mohareb
(2009) for Class 1 and 2 cross-sections and an elas-
tic interaction formula for Class 3 cross-sections give
conservative predictions and can be safely applied to
EHS for design purposes.
The beam-column problem is complex since it

involves the features of column buckling, uniaxial or

biaxial beam bending and beam buckling. Since the
late nineteenth century, substantial research on elas-
tic and inelastic beam-column behaviour has been
carried out; the development of the theory of beam-
columns has been summarised by Massonnet (1976)
and Chen & Atsuta (1976, 1977). Since previous
beam-column research mainly focused on I-sections,
the purpose of this study is to generate experimental
and numerical results and to access the applicabil-
ity and reliability of existing design formulae to EHS
beam-columns.

2 EXPERIMENTAL STUDIES

Afull-scale experimental investigation intoEHSmem-
ber instability under combined compression and bend-
ing has been carried out in the Structures Laboratory
at Imperial College London. The test programme
comprised 10 material tensile coupon tests and 33
beam-column tests – 6 pure compression tests; 3 buck-
ling about themajor axis and 3 about theminor axis; 18
eccentric compression tests, 9 inducing bending about
the major axis and 9 about the minor axis; and a fur-
ther 9 tests induced compression and bending about
both axes. The sections were all hot-finished from
grade S355 steel and produced by Tata Steel Tubes.
The tested EHS had an aspect ratio of two, overall
outer cross-sectional dimensions of 150× 75mm and
thickness of 5mm, which is the thinnest non-slender
section of the range for a yield strength of 355N/mm2.
The primary aim of themember testswas to investigate
the beam-column behaviour of EHS members with
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Table 1. Key results from tensile coupon tests.

E fy fu εf1 εf2
Specimen N/mm2 N/mm2 N/mm2 % %

BC-TC1 212900 350 481 40 64
BC-TC2 218200 343 472 36 68
BC-TC3 217000 360 485 38 64
BC-TC4 214600 344 470 39 65
BC-TC5 222400 388 510 42 65
BC-TC6 219500 326 452 39 68
BC-TC7 220200 341 473 35 65
BC-TC8 221100 358 468 37 64
BC-TC9 219200 373 489 40 66
BC-TC10 212100 377 491 40 63

Figure 1. Stress-strain curve of BC-TC5.

pinned end conditions and under eccentric compres-
sion (generating uniform moment along the member
length).

2.1 Tensile coupon tests

Material tensile coupon tests were conducted in accor-
dance with EN 10002-1 (2001) to determine the basic
engineering stress-strain response of the material of
the tested sections. The specimens originated from 10
lengths of material and one coupon was taken from
each length for material testing.
Full details of the tensile coupon tests have been

described in Law & Gardner (in press), while the key
results from the ten tensile coupon tests are reported
in Table 1. The reported material parameters are the
Young’sModulusE, static yield stress fy, static ultimate
tensile stress fu and the plastic strain at fracture based
on elongation over the standard gauge length εf1 and
the reduction of cross-sectional area εf2 of the coupons.
A typical stress-strain curve is depicted in Figure 1.

2.2 Compression and uniaxial bending

For the 6 pure compression tests and 18 eccentric
compression tests performed, three different column
lengths of 1m, 2m and 3m were tested to provide a
range of member slendernesses λ̄ ranging from 0.28 to
0.84 for pin-ended beam-columns eccentrically loaded

Figure 2. Eccentric compression test configuration –
deformed specimen of BC-2-ez = 150.

about the major axis and 0.49 to 1.46 about the minor
axis. For the pure compression test specimens (BC-1-
ey = 0 and BC-1-ez = 0), where the measured global
imperfection was less than L/1000, an eccentricity of
loading was applied such that the combined imperfec-
tion plus eccentricity was equal to L/1000. For other
columns, the load was applied concentrically since the
measured imperfections were greater than L/1000. For
the eccentric compression tests, the load eccentricity
was varied so that a range of proportions of axial load
to bending could be achieved.

2.2.1 Test set-up
The general configuration of the set-up is depicted in
Figure 2. The specimens were loaded by a 2000 kN
Instron hydraulic machine through hardened steel
knife-edges and welded end plates at both ends to pro-
vide pinned end conditions about the axis of buckling
and fixed conditions in the orthogonal direction.
Two draw wire transducers were located at the

mid-height of the specimens to measure the lateral
deflections in both principal directions. Inclinome-
ters were positioned at each end of the members to
measure the end rotations about the axis of buckling.
Four linear electrical resistance strain gauges were
affixed to the extreme tensile and compressive fibres
of the sections. Displacement control was employed
to drive the hydraulic machine at a constant rate of
0.25mm/min, 0.50mm/min and 1.0mm/min for 1m,
2m and 3m specimens respectively. Load, strain, lat-
eral and vertical displacements, end rotations and
input voltage were all recorded using the data acqui-
sition equipment DATASCAN and logged using the
DSLOG computer package. All data were recorded at
one second intervals.
The geometry of an elliptical hollow section is

depicted in Figure 3, where 2a is the larger outer diam-
eter, 2b is the smaller outer diameter, t is the thickness
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Figure 3. Geometry of an elliptical hollow section.

Table 2. Mean measured specimen dimensions and global
imperfections.

L 2a 2b t ωg
Specimen m mm mm mm mm

BC-1-ey = 0 1.01 150.35 75.74 4.93 1.00
BC-1-ey = 25 1.00 150.42 75.33 5.01 0.25
BC-1-ey = 50 1.00 150.50 75.58 5.02 0.20
BC-1-ey = 150 1.00 150.33 75.87 4.98 0.53
BC-1-ez = 0 1.01 150.46 75.56 4.97 1.00

BC-1-ez = 15 1.00 150.27 75.80 4.97 0.26
BC-1-ez = 25 1.00 150.36 75.81 5.08 0.52
BC-1-ez = 100 1.00 150.20 75.70 4.98 0.50

BC-2-ey = 0 2.01 150.32 75.70 4.98 2.50
BC-2-ey = 25 2.00 150.00 75.88 4.93 1.03
BC-2-ey = 50 2.00 150.28 75.73 4.95 2.48
BC-2-ey = 150 2.00 150.36 75.33 4.99 2.00

BC-2-ez = 0 2.01 150.33 75.41 4.98 3.00
BC-2-ez = 25 2.00 150.03 75.84 5.06 3.05
BC-2-ez = 50 2.00 150.00 75.57 5.03 3.01
BC-2-ez = 150 2.00 150.16 75.86 4.98 2.51

BC-3-ey = 0 3.01 150.16 75.64 4.84 3.02
BC-3-ey = 25 3.00 150.16 75.50 4.92 2.47
BC-3-ey = 50 3.00 150.03 75.95 4.90 1.52
BC-3-ey = 150 3.00 150.13 75.62 4.96 2.03

BC-3-ez = 0 3.01 150.18 75.68 4.82 5.05
BC-3-ez = 50 3.00 150.17 75.40 4.93 5.00
BC-3-ez = 100 3.00 150.30 75.52 4.95 2.96
BC-3-ez = 200 2.99 149.95 75.54 4.96 3.46

and ey and ez are the load eccentricities to themajor and
minor axes, respectively. Measurements of the cross-
sectional geometry and maximum global geometric
imperfections ωg (determined by means of a laser
beam directed along the member length) were taken
prior to testing and are reported in Table 2. Resid-
ual stresses were not measured in this study, though
as discussed in Law & Gardner (in press), the level
of residual stresses in hot-finished EHS was found
to be very low. Local geometric imperfections were
not measured in this study since the proportions of
the cross-sections examined are relatively stocky and
insensitive to local buckling.The geometric properties
for the EHS specimens were calculated using the exact
formulae adopted in previous studies of EHS (Chan &
Gardner 2008a, b).

Table 3. Summary of uniaxial eccentric compression test
results.

Eccentricity

Tensile ey ez Nu Mu

Specimen coupon mm mm kN kNm

BC-1-ey = 0 BC-TC8 0 0 645.4 0.7
BC-1-ey = 25 BC-TC4 25 0 390.8 9.9
BC-1-ey = 50 BC-TC3 50 0 323.4 16.2
BC-1-ey = 150 BC-TC5 150 0 142.4 21.4

BC-1-ez = 0 BC-TC8 0 0 636.7 0.6
BC-1-ez = 15 BC-TC6 0 15 350.5 5.3
BC-1-ez = 25 BC-TC6 0 25 271.5 6.9
BC-1-ez = 100 BC-TC6 0 100 112.3 11.3

BC-2-ey = 0 BC-TC10 0 0 594.9 1.5
BC-2-ey = 25 BC-TC4 25 0 339.8 8.8
BC-2-ey = 50 BC-TC5 50 0 245.7 12.9
BC-2-ey = 150 BC-TC9 150 0 123.5 18.8

BC-2-ez = 0 BC-TC10 0 0 430.3 1.3
BC-2-ez = 25 BC-TC4 0 25 211.7 5.9
BC-2-ez = 50 BC-TC4 0 50 146.2 7.7
BC-2-ez = 150 BC-TC9 0 150 73.3 11.2

BC-3-ey = 0 BC-TC6 0 0 475.4 1.4
BC-3-ey = 25 BC-TC7 25 0 281.8 7.7
BC-3-ey = 50 BC-TC7 50 0 212.5 10.9
BC-3-ey = 150 BC-TC7 150 0 113.5 17.2

BC-3-ez = 0 BC-TC5 0 0 226.0 1.1
BC-3-ez = 50 BC-TC6 0 50 109.4 6.0
BC-3-ez = 100 BC-TC8 0 100 80.2 8.3
BC-3-ez = 200 BC-TC8 0 200 51.6 10.5

2.2.2 Test results
The load eccentricities and key test results are sum-
marised in Table 3, in which Nu is the ultimate applied
load andMu is the first-order elastic moment given by
Equation 1.

All the beam-columns failed by flexural buckling
and in-plane bending with no sign of lateral torsional
buckling, as shown by Figure 2. For the beam-columns
loaded eccentrically about the minor axis, all speci-
mens failed in the minor axis direction only. For the
beam-columns loaded eccentrically about the major
axis, all specimens failed in the major axis direction
only since the knife edges provided fixed end con-
ditions about the minor axis and the buckling length
in this direction was therefore halved, making major
axis buckling critical. Overall, a general reduction
in ultimate test load was observed with increasing
eccentricities due to the higher bending effects.

2.3 Compression and biaxial bending

9 beam-columns of three different column lengths
of 1m, 2m and 3m were loaded biaxially. The
tested member slendernesses of the pin-ended beam-
columns ranged from 0.28 to 0.83 and 0.49 to 1.44
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Figure 4. Biaxial compression test configuration –
deformed specimen of BC-2-ey = 180-ez = 30.

about the major and the minor axes respectively. The
load eccentricities were varied to achieve a range of
load combinations.

2.3.1 Test set-up
The general configuration of the test set-up is depicted
in Figure 4. The specimens were loaded by a 2000 kN
Instron hydraulic machine through a ball-seating con-
figuration at both ends to provide pinned end condi-
tions about both principal axes. Endplateswerewelded
onto the specimens, as described previously.
The instrumentation employed herein was similar

to that adopted in the uniaxial eccentric compres-
sion tests. In addition, two extra inclinometers were
employed, one at each end of the specimens so that
the end rotations about both two principal axes were
measured. Four additional linear electrical resistance
strain gauges were employed to monitor the strain dis-
tribution across the section. Displacement control and
data logging were as previously described.
Measurements of the cross-sectional geometry and

maximumglobal geometric imperfections in themajor
ωg,y andminor axesωg,z were taken prior to testing and
are reported in Tables 4 & 5.

2.3.2 Test results
The load eccentricities and key test results are sum-
marised in Table 6, in which Mu,y and Mu,z are the
bending moments about the major and minor axes
respectively obtained at the ultimate load Nu. All the
beam-columns failed by flexural buckling and bending
about the two principal axes. Generally, the biaxi-
ally loaded beam-columns exhibit similar structural
behaviour to the uniaxially loaded ones as described
in Section 2.2. These test results, together with those
from the uniaxial beam-column tests reported in Sec-
tion 2.2, are further examined, replicated numerically
and used for the validation of interaction formulae in
the following sections.

Table 4. Mean measured specimen dimensions.

L 2a 2b t
Specimen m mm mm mm

BC-1-ey = 40-ez = 80 1.00 150.12 75.42 4.96
BC-1-ey = 100-ez = 60 1.00 150.19 75.69 4.97
BC-1-ey = 140-ez = 30 1.00 150.16 75.52 4.99

BC-2-ey = 40-ez = 90 2.00 150.24 75.89 5.02
BC-2-ey = 120-ez = 70 2.00 150.55 75.58 5.01
BC-2-ey = 180-ez = 30 2.00 150.33 75.94 4.98

BC-3-ey = 80-ez = 160 2.96 150.17 75.57 4.96
BC-3-ey = 210-ez = 120 2.96 150.18 75.75 4.94
BC-3-ey = 310-ez = 60 2.96 150.20 75.82 4.98

Table 5. Mean measured global imperfections.

Tensile ωg,y ωg,z
Specimen coupon mm mm

BC-1-ey = 40-ez = 80 BC-TC7 0.25 0.25
BC-1-ey = 100-ez = 60 BC-TC7 0.15 0.10
BC-1-ey = 140-ez = 30 BC-TC6 0.13 0.25

BC-2-ey = 40-ez = 90 BC-TC10 1.03 2.08
BC-2-ey = 120-ez = 70 BC-TC10 −0.78* 0.25
BC-2-ey = 180-ez = 30 BC-TC9 1.00 1.50

BC-3-ey = 80-ez = 160 BC-TC4 3.10 2.50
BC-3-ey = 210-ez = 120 BC-TC2 3.00 3.00
BC-3-ey = 310-ez = 60 BC-TC1 2.00 1.50

* Negative value indicates that the initial imperfection is
opposite to the direction of buckling.

Table 6. Summary of biaxial compression test results.

Eccentricity

ey ez Nu Mu,y Mu,z

Specimen mm mm kN kNm kNm

BC-1-ey = 40-ez = 80 40 80 133.9 5.4 10.7
BC-1-ey = 100-ez = 60 100 60 144.3 14.5 8.7
BC-1-ey = 140-ez = 30 140 30 139.7 19.6 4.2

BC-2-ey = 40-ez = 90 40 90 107.5 4.4 9.9
BC-2-ey = 120-ez = 70 120 70 121.2 14.5 8.5
BC-2-ey = 180-ez = 30 180 30 108.7 19.7 3.4

BC-3-ey = 80-ez = 160 80 160 56.8 4.7 9.2
BC-3-ey = 210-ez = 120 210 120 56.2 12.0 6.9
BC-3-ey = 310-ez = 60 310 60 62.1 19.4 3.8

3 NUMERICAL SIMULATIONS

The behaviour of the tested beam-columns was ini-
tially replicated by finite element analysis using the
measured dimensions of the test specimens and mea-
sured material stress-strain data. The finite element
(FE) package ABAQUS (2006) was used through-
out the study. The basic assumptions employed in the
numerical models are similar to those employed for
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the lateral torsional buckling specimens reported in
Law & Gardner (in press).
Initial global geometric imperfections were incor-

porated by applying a lateral point load to the spec-
imens at mid-height. The true material stress-strain
relationship was generated by converting a multi-
linear stress-strain curve derived from the static engi-
neering stress-strain curves obtained from the tensile
coupon tests. Boundary conditions were modelled
to simulate pinned conditions at the ends of the
beam-columns.Themodified Riksmethod (ABAQUS
2006), which enables the post-ultimate behaviour to be
traced, was employed to solve the geometrically and
materially nonlinear numerical models.
Replication of the test results was found to be sat-

isfactory with a mean ratio of test to FE ultimate
load of 1.05. Typical load versus deflection curves are
depicted in Figure 5. The numerical models were able
to successfully capture the initial stiffness, ultimate
capacity, general load-deformation response and fail-
ure patterns observed in the tests. It should be noted
that the ultimate loads obtained from the tests were
generally higher than the FE results; this is attributed
to the use of staticmaterial properties in theFEmodels.
Upon verification of the general ability of the FE

models to replicate the beam-column behaviour of
EHS members with a cross-sectional aspect ratio of
two, a series of parametric studies were conducted,
aiming to investigate the influence of different aspect
ratios and member slendernesses on the beam-column
behaviour. The obtained results are used to develop
design guidance for EHS beam-columns. A piecewise
linear material stress-strain model developed from an
average of the stress-strain curves obtained from the
tensile coupon tests was employed in the parametric
studies. Initial geometric imperfections with an ampli-
tude ωg of L/500, which is the tolerance stated in EN
10210-2 (2006), were included in the nonlinear para-
metric analyses by applying a lateral point load to the
specimen at mid-height. The outer height and thick-
ness of the cross-section considered in the parametric
studies were fixed to 150mm and 5mm respectively.
A range of cross-sectional aspect ratios from 2 to 4 and
member slenderness λz of 0.5, 1.0 and 1.5 was con-
sidered. The results are utilised for the validation of
proposed beam-column interaction formulae for ellip-
tical hollow sections, as discussed in the following
section.

4 DEVELOPMENT OF DESIGN
RECOMMENDATIONS

In the design of an eccentrically loaded beam-column,
either the strength of the cross-section or the stability
of the member will govern the load carrying capac-
ity, depending on the length of the beam-column. In
Eurocode 3, two sets of design formulae for assess-
ing the member stability of beam-columns, named
Method 1 and Method 2 in EN 1993-1-1 (2005),
were developed by the Technical Committee 8 –

Figure 5. Comparison between test and FE results for
BC-2-ey = 120-ez = 70.

Structural Stability of the European Convention for
Constructional Steelwork (Boissonnade et al. 2006).
Method 1 was derived based on second-order in-
plane elastic theory and further extended to spatial
and elastic-plastic behaviour by aFrench-Belgian team
(Boissonnade et al. 2004).Method 2was developed on
the basis of a semi-empirical approach utilising curve-
fitting techniques to mainly numerical results by an
Austrian-German team (Greiner & Lindner 2006).

4.1 Existing buckling resistance check

The design approach for treating member instabil-
ity under combined compression and bending in
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Figure 6. Interaction of axial load and major axis moment –
tests and design curves in EN 1993-1-1 (2005).

EN 1993-1-1 (2005) is based on the use of interaction
formulae. In general, both Equations 6.61 and 6.62 in
EN 1993-1-1 (2005)must be satisfied. Interaction fac-
tors can be found by either Method 1 or 2, which are
described in Annex A and B of EN 1993-1-1 (2005)
respectively. Applicability of the EN 1993-1-1 (2005)
interaction formulae to EHS members is assessed in
the following section on the basis of the experimen-
tal and numerical results generated in this study; the
assessment and development is focussed onMethod 2,
since this is more practical for designers. Three prin-
cipal cases: compression with major axis moment,
compression with minor axis moment and compres-
sion with biaxial moments, are considered herein and
design recommendations for EHS beam-columns are
proposed. For the practical range of EHS column slen-
dernesses considered (λz ≤ 1.5), the non-dimensional
slenderness for lateral torsional buckling λLT is always
less than 0.4 (0.4 being the slenderness below which
LTB can be neglected). It is therefore assumed that lat-
eral torsional buckling need not be considered in this
study for practical EHS beam-columns.

4.1.1 In-plane buckling under N+My

For the EHS beam-columns loaded at an eccentricity
to the major axis, all the tested specimen are classified
as either Class 1 or 2 sections according to the classi-
fication guidance proposed by Gardner et al. (2011).
For the stability interaction, Equation 6.61 inEN1993-
1-1 (2005) is always critical and the design buckling
formula simplifies to:

where NEd and My,Ed are the compression force and
the maximum moment about the major axis along the
member length respectively, kyy is an interaction fac-
tor, Nb,y,Rd is the design buckling resistance of the
member under pure compression about the major axis
and Mb,Rd is the design LTB resistance.
Figure 6 shows the test results with their corre-

sponding interaction curves. Note that ultimate test
loads and the corresponding first-order moments,
as reported in Table 3, have been plotted and that

Figure 7. Interaction of axial load and minor axis moment
– tests and design curves in EN 1993-1-1 (2005).

Mb,Rd =Mpl,y,Rd. The test results generally follow the
trend of the interaction curves, whereby failure occurs
earlier for more slender columns due to more sig-
nificant secondary effects; two data points (BC-2-
ey = 50 and BC-2-ey = 150) lie marginally below their
respective design curves.
In order to assess the effects of member slender-

ness λy and cross-sectional aspect ratio γ on the
in-plane buckling behaviour of EHS beam-column
members under axial compression and major axis
bending, numerical results from the parametric stud-
ies described in Section 3 have also been compared
with their corresponding design curves. Generally,
the design curves provide satisfactory prediction of
the actual behaviour of the EHS beam-column mem-
bers with various member slendernesses and cross-
sectional aspect ratios. It can be concluded that the
design formulae for the in-plane buckling under axial
compression and major axis bending (Equation 2) are
also applicable to EHS members.

4.1.2 In-plane buckling under N+Mz

For the EHS beam-columns loaded at an eccentricity
to the minor axis, all the tested specimen are classi-
fied as Class 3 sections according to the classification
guidance proposed by Gardner et al. (2011). For the
stability interaction, Equation 6.62 in EN 1993-1-
1 (2005) is always critical and the design buckling
formula simplifies to:

whereMz,Ed is the maximummoment about the minor
axis along the member length, kzz is an interaction
factor, Nb,z,Rd is the design buckling resistance of the
member under pure compression about theminor axis,
and Mel,z is the elastic minor axis bending resistance.
Figure 7 shows the test results with their corre-

sponding interaction curves. Note that ultimate test
loads and the corresponding first order moments, as
reported in Table 3, have been plotted.
The test results generally follow the trend of the

interaction curves, whereby failure occurs earlier for
the more slender members due to more significant
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Figure 8. Interaction of axial compression and major and
minor axis moments – tests and design curve from EN
1993-1-1 (2005) for 1m beam-columns.

secondary effects. It should be noted that the non-
dimensional slenderness of the 2m and 3m beam-
columns are equal to or larger than 1.0, for which
the same interaction curve applies; the response of
the 2m and 3m test specimens are also similar, as
shown in Figure 7. Satisfactory agreement between
the numerical results from the parametric studies and
the corresponding design curves was also achieved.
The beam-column behaviour under axial compres-

sion and minor axis bending was found to be generally
similar to that under axial compression and major
axis bending and it can be concluded that the exist-
ing design formulae for the in-plane buckling under
axial compression and minor axis bending (Equation
3) are also applicable to EHS members.

4.1.3 Buckling under N+My +Mz

There is currently no guidance on the classification
of EHS under combined compression plus biaxial
bending. However, with reference to the classifica-
tion proposal for compression plus uniaxial bending
(Gardner et al. 2011), if the classification is per-
formed considering the maximum stress from minor
axis bending as uniform compression, which is clearly
a conservative assumption, all the tested specimens
are either Class 1 or 2 sections, or very marginally
beyond Class 2 limits. Therefore, given the conserva-
tive assumption in the classification, all sections will
be treated as Class 1–2, and compared with the corre-
sponding interaction curves. For the biaxially loaded
EHS beam-columns considered in this study, Equa-
tions 6.61 and 6.62 in EN 1993-1-1 (2005) simplify
to:

The test results with their corresponding interac-
tion curves are depicted in Figures 8 to 10. Note that
ultimate test loads and the corresponding first order
moments, as reported in Table 6, have been plotted.

Figure 9. Interaction of axial compression and major and
minor axis moments – tests and design curve from EN
1993-1-1 (2005) for 2m beam-columns.

Figure 10. Interaction of axial compression and major and
minor axis moments – tests and design curve from EN
1993-1-1 (2005) for 3m beam-columns.

The test results generally follow the trend of the
interaction curves, which become more conservative
for the shorter beam-columns. Similar to the above
sections, numerical results from the parametric stud-
ies (Section3) onmemberswith various slendernesses,
cross-sectional aspect ratios and axial load levels have
also been compared with the corresponding design
curves to illustrate their effects on biaxially loaded
EHS beam-columns.
Generally, the above comparisons have shown that

the design curves currently given in Annex B of EN
1993-1-1 (2005) for RHS provide conservative predic-
tions of the behaviour of the EHS beam-columns with
various member slendernesses and cross-sectional
aspect ratios and can be safely applied to EHS
members. Similar to the beam-columns eccentrically
loaded about one principal axis, the biaxially loaded
members behave similarly for different aspect ratios.

5 CONCLUSIONS

Member instability in hot-finished EHS beam-
columns has been investigated in this study.An experi-
mental programme comprising 10 tensile coupon tests
and 33 beam-column tests was carried out. The beam-
column tests included 6 pure compression tests, 3
buckling about the major axis and 3 about the minor
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axis, 18 eccentric compression tests, 9 inducing bend-
ing about themajor axis and9 about theminor axis, and
a further 9 tests that induced compression and bending
about both axes. All tested elliptical hollow sections
had a constant cross-sectional aspect ratio of two and
the non-dimensional column slenderness ranged from
0.28 to 0.84 in the major axis bending beam-column
tests and from 0.49 to 1.44 in the minor axis bend-
ing and biaxially loaded beam-column tests. The key
material properties, geometric measurements and test
results have been reported.
A series of parametric studies based on the validated

numerical models were then performed to investigate
the influence of cross-sectional aspect ratios ranging
from 2 to 4 and member slendernesses ranging from
0.5 to 1.5. On the basis of the experimental and numer-
ical findings, existing design rules covering instability
of hot-finished hollow section beam-columns have
been assessed and were found to be applicable to EHS
members.
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Buckling and classification of high-strength steel CHS tubular members
under axial compression and bending
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ABSTRACT: EN 1993-1-1 provisions classify high-strength steel CHS members with relatively low values
of D/t ratio as Class 3 or 4, so that their strength is based on elastic behavior only, neglecting their capability
of sustaining inelastic deformation before a maximum resistance is reached. To investigate the applicability of
the above classification, a special-purpose numerical technique is employed to examine the resistance against
local buckling of high-strength steel seamless tubular members with significant thickness, that exhibit local
buckling in the plastic regime under axial compression and bending. The numerical technique employs large
inelastic strains, accounts for the presence of initial imperfections/residual stresses, and is capable of describing
deformation and buckling of tubular cross-sections well beyond yielding of the steel material. Imperfections and
residual stresses from real measurements are used. Numerical results are presented in terms of both the ultimate
load and the deformation capacity of typical cross-sections, and are compared with available experimental data.
The results aim at evaluating the applicability of EN 1993-1-1 for cross-sectional classification of high-strength
steel CHS seamless tubular members.

1 INTRODUCTION

High-strength steel CHS tubes are becoming popular
in a variety of structural engineering applications, such
as tubular columns of building systems or members of
tubular lattice structures. The principal characteristic
of these steel products, with respect to CHS tubes of
normal steel grades, is the elevated yield stress value,
which implies increased ultimate capacity, resulting in
a good relationship between weight and strength.They
can also be efficient in cases where space occupancy
becomes a critical design criterion.
According to current design practice, the ultimate

capacity of steel sections under axial andbending loads
depends primarily on whether the section is classified
as “compact” or “non-compact”, i.e. on the ability of
the cross-section to sustain significant inelastic defor-
mation before failure in the form of local buckling.
In particular, the provisions of EN 1993-1-1 standard
specify four (4) cross-sectional classes, where Class 4
corresponds to thin-walled sections, which are able to
sustain axial/bending load only in the elastic range,
Class 1 includes thick-walled sections that are able to
deformwell into the plastic regime, without exhibiting
local buckling, and Classes 2 and 3 refer to inter-
mediate type of structural behavior. For the case of
CHS tubular members, classification in EN 1993-1-
1 is based on the value of the diameter-to-thickness
ratio, aswell as on the value of thematerial yield stress,
as shown in the second column of Table 1. The same
classification is also adopted by the CIDECT guide-
lines (Rondal et al., 1996) for hollow section stability,

Table 1. Classification in EN 1993-1-1, based on the value
of the diameter-to-thickness ratio.

Class limits in terms
Class Class limits of shell slenderness λ

1 D/t ≤ 50ε2 λ≤ λ1 = 0.278
2 50ε2 ≤D/t ≤ 70ε2 λ1 = 0.278<λ≤ λ2 = 0.329
3 70ε2 ≤D/t ≤ 90ε2 λ2 = 0.329<λ≤ λ3 = 0.373
4 D/t ≥ 90ε2 λ>λ3 = 0.373

whereas similar provisions for cross-sectional clas-
sification on CHS members can be found in other
specifications (e.g. AISC, API RP2A – LRFD).
The above classification provisions have not been

initially developed for the case of high-strength steel
CHS tubular members with σY > 460MPa. In the EN
1993 steel design framework, a new standard has been
issued (EN 1993-1-12) to specify the applicability of
the other EN 1993-1-xx standards in high-strength
steel applications.According to EN1993-1-12, the EN
1993-1-1 classification provisions, shown in Table 1,
may be applied for high-strength steel members as
well. However, the existing classification for CHS
tubular members appears to be rather conservative for
high-strength steel tubular members; one can readily
obtain from Table 1 that CHS sections with D/t = 35
and σY = 690MPa, are classified as Class 4 sections,
which implies a low ultimate capacity, within the
elastic range.
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The key issue in the above classification of CHS
members is their cross-sectional strength, mainly in
terms of local buckling, which constitutes a shell-
buckling problem in the inelastic range. Inelastic
buckling of relatively thick-walled steel cylinders
under compressive loads has been the issue of signif-
icant research. Experimental observations (Lee 1962;
Batterman, 1965) have been shown that under pure
axial compression, thick-walled cylinders – in con-
trast with thin-walled ones – do not fail abruptly, but
one can observed significant wall wrinkling before an
ultimate load occurs. Analytically, a main challenge
for solving this problem has been the combination of
structural stability principles with inelastic multi-axial
material behavior. In particular, it has been shown that
buckling predictions depend on the choice of plastic-
ity theory (Gelin 1979;Tvergaard 1983). For a detailed
presentation ofmetal cylinder buckling behavior under
uniform axial compression, the reader is referred to the
recent papers by Bardi & Kyriakides (2006) and Bardi
et al. (2006).
In addition to uniform axial compression, bending

buckling of tubular members has also received sig-
nificant attention, motivated mainly by their use in
pipeline applications. Experimental works indicated
that failure of thick-walled tubes under bending is
associated with tube wall wrinkling, has several simi-
laritieswith the case of uniform axial compression, but
is characterized by a nonlinear prebuckling state – due
to cross-sectional ovalization – and a more localized
buckling pattern on the compression side of the cylin-
der. The reader is also referred to the papers by Ju &
Kyriakides (1992) andKaramanos&Tassoulas (1996),
where analytical/numerical tools have been developed
for simulating the formation of local buckling due to
bending.
The present research aims at a examining the cross-

sectional classification of high-strength steel CHS
seamless tubular members, and is part of an exten-
sive European research on the structural behavior of
high-strength steel tubular members. The same high-
strength steel tubes have also been considered by
Pournara et al. (2012) in terms of their structural beam-
column behavior, and the need for a more accurate
classification of high-strength steel CHS sections has
been addressed.
The investigation described in the present paper

is numerical, based on a special-purpose finite ele-
ment formulation, presented elsewhere (Karamanos&
Tassoulas 1996), and focuses on the buckling analy-
sis of high-strength steel cylindrical shells under axial
compression and bending loading. The analysis steps
are aimed at determining the maximum load at which
failure occurs, either because of bifurcation to a wavy
pattern or due to localization of deformation.
The seamless tubes under consideration have yield

stress equal or higher than 590MPa, and diameter-
to-thickness ratios ranging between 20 and 60, which
are typical for structural applications. Initial imper-
fections and residual stresses from real measure-
ments are taken into account in the present analysis.

The numerical results are presented in the form of dia-
grams, showing the cylinder strength and deformation
capacity (axial and bending) in terms of cylinder slen-
derness, and are aimed towards a evaluating applica-
bility of existing classification rules for high-strength
steel CHS tubes.

2 NUMERICAL TECHNIQUE

2.1 Formulation and finite element discretization

The nonlinear formulation adopted in the present
work was introduced in its general form by Needle-
man (1982) and has been employed for the nonlinear
analysis of relatively thick steel tubular members
(Karamanos & Tassoulas 1996). The cylindrical shell
is considered as a continuum, described through a
Lagrangian approach with convected coordinates. The
hypoelastic constitutive equations relate the convected
rate of Kirchhoff stress to the rate-of-deformation ten-
sor, where plasticity effects are taken into account
through a large-strain J2 flow plasticity model with
isotropic hardening. Following classical shell theory,
the traction component normal to any shell lamina
is imposed to be zero and tube thickness is assumed
constant.
Discretization of the continuum is considered

through the use of the three-node “tube element”,
introduced in Karamanos & Tassoulas (1996). It cou-
ples longitudinal (beam-type) with cross-sectional
deformation (ovalization and warping). Convected
coordinates (θ, ζ, ρ) are in the hoop, axial and radial
direction in the undeformed configuration. Nodes are
located along the cylinder axis, which lies on the plane
of bending, and each node possesses three degrees of
freedom (two translational and one rotational). A ref-
erence line is chosen within the cross-section at node
(k) and a local Cartesian coordinate system is defined,
so that the x̄, ȳ axes define the cross-sectional plane.
The orientation of node (k) is defined by the posi-
tion of three orthonormal vectors e(k)x , e(k)y and e(k)z .
For in-plane (ovalization) deformation, fibers initially
normal to the reference line remain normal to the ref-
erence line. Furthermore, those fibersmay rotate in the
out-of-plane direction by angle γ(θ). Using quadratic
interpolation polynomials N (k)(ζ) in the longitudinal
direction, the position vector x(θ, ζ, ρ) of an arbitrary
point at the deformed configuration is:

where x(k) is the position vector of node (k), r(k)(θ) is
the position of the reference line of cross-section cor-
responding to node (k), and n(k)(θ) is the “in-plane”
outward normal of the reference line at the deformed
configuration. Using nonlinear ring theory, r(k)(θ)
and n(k)(θ) can be expressed in terms of the radial,
tangential and out-of-plane displacements of the ref-
erence line, denoted as w(θ)v(θ) and u(θ) respectively.
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Functions w(θ)v(θ), u(θ) and γ(θ) are discretized as
follows:

Coefficients an, bn refer to in-plane cross-sectional
(ovalization) deformation, whereas cn, γn refer to out-
of-plane (warping) cross-sectional deformation.
The nonlinear governing equations are solved

through an incremental Newton-Raphson iterative
numerical procedure, enhanced to enable the tracing of
postbuckling “snap-back” equilibrium paths through
an arc-length algorithm (Crisfield 1983).

2.2 Bifurcation in the inelastic range

Bifurcation instability in axially or bending loaded
shells in the inelastic range is checked o, through
the evaluation of Hill’s “comparison solid” functional,
as described in Hutchinson (1974). Loss of positive
definiteness of this functional determines the buck-
ling load. Positive definiteness is evaluated through
an eigenvalue analysis on the pre-buckling solution,
and the corresponding eigenfunction is the buckling
shape (mode) of the cylinder.

2.3 Material moduli for buckling calculations

Early attempts to predict the buckling load of
relatively-thick metal shells (Lee 1962; Batterman,
1965) indicated that analytical predictions are in closer
agreement with test results when J2 deformation-
plasticity theory moduli are employed, instead of the
classical J2 flow-plasticity moduli. This has been ver-
ified in more recent works (e.g. Bardi et al. 2006),
and is attributed to the “softer” moduli of the defor-
mation theory, simulating a “vertex” or “corner” (i.e.
a high-curvature region on the yield surface at the
point of loading), reported in experimental observa-
tions, whereas flow theory assumes always a smooth
yield surface, resulting in “stiffer” material moduli
for case of abrupt change of direction in the stress
space (e.g. when buckling occurs). To account for this
discrepancy, the J2-flow theory is used to trace the
load-displacement equilibrium path, as described in
section 2.1, whereas the J2-deformation moduli are
employed to detect bifurcation in the eigenvalue anal-
ysis of the “comparison solid” functional, as described
in section 2.2.

2.4 Initial imperfections and residual stresses

The finite element model is capable of including
the effects of initial imperfections, by prescribing

a desired configuration of the shell in the initial
(reference) stage. In the present analysis, the ini-
tial imperfection is assumed in a wavy form, similar
to the buckling shape obtained from the bifurca-
tion analysis on the pre-buckling equilibrium path.
In addition to initial imperfections, the finite ele-
ment model accounts for the presence of residual
stresses, which have a significant effect on the buck-
ling load. The amplitudes of initial imperfections and
residual stresses are obtained from the corresponding
measurements described in the next section.

3 IMPERFECTION MEASUREMENTS

3.1 Imperfection measurements

Initial wrinkling measurements have been obtained
using an ultrasonic device. The tube wall wrinkling
was measured every 10mm along 8 equally-spaced
generators, for a pipe length of equal to about two
tube diameters, as shown in Figure 1a, for three typical
generators.
These measurements along generators have been

processed to estimate initial wrinkling aswell as cross-
sectional distortions; i.e. out-of-roundness imperfec-
tions when a specific cross section is considered.
It is assumed that the deviation of every cross-

section from the perfect round shape is the super-
position of an “extensional” component of uniform
value around the cross-section, which can axisymmet-
ric initial imperfection, and non-uniform part which
corresponds to cross-sectional out-of-roundness in
Figure 1b. In Figures 2 and 3, ω̃0 and ω̃n represent the
measured amplitudes of the axisymmetric and the non-
uniform imperfection components respectively with

Figure 1. Typical data from (a) measurement of generator
geometry (b) out-of-roundness of three cross-sections.
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Figure 2. Statistical evaluation of ω̃0, the measured abso-
lute-value amplitude of the axisymmetric imperfection.

Figure 3. Statistical evaluation of ω̃n, the measured abso-
lute-value amplitude of the non-axisymmetric imperfection.

respect to tube thickness. A statistical evaluation of
ω̃0 and ω̃n is offered in those Figures; the values of
ω̃0 = 0.8%and ω̃n = 1.8%correspond to an 80%upper
limit of the measurements, and are considered as rep-
resentative initial imperfection values to be used the
parametric study described in the next section.

3.2 Residual stresses

Residual stress measurements have also been per-
formed in both the axial and the circumferential direc-
tion (Pournara et al. 2012). The measurements in the
hoopdirection are obtained through the “splitting ring”
method, as specified inASTME1928-99, and resulted
in an opening deformation (gap) of 17mm, corre-
sponding to amaximumhoop stress of 122MPa (about
16% of the yield stress). Furthermore, to estimate the
residual stresses in the axial direction, longitudinal
strips have been obtained from the tubes, and their
curvature has beenmeasured, corresponding to a max-
imum stress of 26MPa, which is only 4% of the yield
stress. These values are very low and are attributed to
the fact that the tubes under examination are seamless.

Figure 4. Nominal stress – engineering strain curve of the
high-strength steel material.

4 NUMERICAL RESULTS

Results are obtained for 355.6-mm-diameter high-
strength-steel tubes with thickness ranging between
6.4mm and 16mm covering a wide range of struc-
tural CHS sections. Two materials with yield stress
equal to 590MPa and 735MPa are used, with nearly
constant hardening modulus equal to E/40 (Pournara
et al. 2012) as shown in the nominal stress – engi-
neering strain curve of the high-strength steel material
(σY = 735MPa) in Figure 4.

4.1 Methodology for axial loading

Infinitely long cylindrical shells with axisymmet-
ric and non-axisymmetric initial imperfections are
analyzed. Non-axisymmetric modes and bifurcations
along the equilibrium path are identified by the imple-
mentation of the “tube-element”. Experimental obser-
vations as well as numerical results have shown that
first wrinkling in the plastic range is axisymmetric.
The corresponding bifurcation load and wavelength
can be calculated analytically using equations 6 and 7.

where R and t are the radius and wall thickness of the
tube and Caβ are the instantaneous material moduli
according to J2 deformation plasticity theory, at the
bifurcation stage (Kyriakides & Corona 2007).
The present analysis follows the steps described

by Bardi et al. (2006). Assuming a half-wave length
from equation (7), axisymmetric wrinkling on the pre-
buckling state for the uniformly-compressed cylinder
is determined. Then, considering a tube segment of
length equal to twice the value of half-wavelength
(L= 2Lhw), and an axisymmetric initial imperfection,
secondary bifurcation to a non-axisymmetric mode is

316



calculated. In this analysis, the axisymmetric imper-
fection amplitude ω0 is 0.8%, as indicated by the
measurements (section 3).
Subsequently, two possible limit states are exam-

ined. First, localization of the axisymmetric wrinkling
pattern is examined, using a tube segment of length
equal to several half-wavelengths. Considering a small
bias in the amplitude of one wrinkle, the analysis leads
to a maximum load N1 due to wrinkle localization
denoted as limit state (a). In addition, a tube seg-
ment of length equal to two half-wavelenghts with a
combination of axisymmetric and non-axisymmetric
imperfections is analyzed, with relative amplitudes ω0
and ωn equal to 0.8% and 1.8% respectively, so that a
maximum load Nn is obtained. The smallest value of
N1 andNn determines the ultimate axial load (strength)
of the cross-section Nu.

4.2 Methodology for bending loading

The second part of this study concerns the prediction
of ultimate capacity under bending loading, follow-
ing the analysis steps described by Ju & Kyriakides
(1992). The analysis is similar to the one in axial
loading described above. At first, wrinkling on the
ovalization bending prebuckling state is determined,
and the corresponding half-wavelength is computed
(Lhw). Then, using an initial imperfection on a tube
segment of length equal to 2Lhw, secondary bifurcation
is calculated.
Subsequently, two possible limit states are exam-

ined, following a methodology similar to the one
described for axial loading; (a) localization of wrin-
kling pattern and (b) analysis under a combination of
imperfection corresponding to initial and secondary
buckling modes. The minimum value from the corre-
sponding maximum moments M1 and Mn determines
the ultimate moment of the cross-section, denoted
as Mu.

4.3 Parametric study

The above advanced numerical tools are used to exam-
ine buckling of cylindrical high-strength steel shells
under pure axial compressive load and pure bending.
The cylindrical shells are thick-walled with properties
shown in Table 2.
The behavior is summarized schematically in the

axial load-displacement response of the thin-walled
Tube 1 in Figure 5, whereas the behavior of Tube 4
is shown in Figure 6. The load is normalized with the
valueNY = σY A, whereA andσY are the cross sectional
area and the yield stress, respectively.The reported dis-
placement is normalized by the tube length. At some
displacement level indicated by the first “↓” on the
response, first axisymmetric wrinkling is calculated.
Secondary bifurcation to a non-axisymmetric mode
on the primary path is calculated indicated by the sec-
ond “↓”. The paths corresponding to the two possible
limit states are examined, as described in section 4.1.
The ultimate axial load (strength) of the cross-section

Table 2. Geometric and mechanical properties of tubes.

σy
Tube t (mm) D/t* (MPa) λ Class**

1 6.4 55.56 735 0.517 4
2 8.0 44.45 735 0.463 4
3 10.0 35.56 735 0.414 4
4 12.5 28.45 735 0.370 3
5 14.2 25.05 735 0.347 3
6 16 22.22 735 0.327 2
7 14.2 25.05 590 0.311 2
8 16 22.22 590 0.293 2

* D is equal to 355.6mm for all tubes
** According to EN-1993-1-1

Figure 5. Axial load – displacement diagram of Tube 1.

Figure 6. Axial load – displacement diagram of Tube 4.

Nu, is equal to N1, for the localization analysis and is
indicated by the arrow “↑” in the two graphs.
The bending behavior is shown in the moment-

curvature response of Tube 1 in Figure 7 and of
Tube 4 in Figure 8. The moment is normalized by
the fully-plastic moment (Mp = σY tD2) and the curva-
ture is normalized by the value of characteristic value
ki = t/D2.
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Figure 7. Moment-curvature diagramof thin-walledTube 1.

Figure 8. Moment-curvature diagram of Tube 4.

5 EXPERIMENTAL RESULTS

Some limited experimental results on the high-strength
steel CHS seamless tubes under consideration are also
reported, for verification purposes.The tests have been
conducted by CSM, and comprise three (3) tests with
uniform axial compression, and two (2) tests on bend-
ing.The tubes have cross-sections denoted asA, B and
C (see Table 3), and a steel material with yield stress
equal to 735MPa. The slenderness values for sections
A, B and C are equal to 0.370, 0.395 and 0.305. The
axial load tests failed because of buckle development
in the form of bulging near the welds, a typical failure
mode for this type of loading. All three tests showed
that they are capable of sustaining an axial load higher
than the full plastic thrust of the section (see Table 3).
The two bending experiments on sections A and B,
because of test set-up limitations, did not reach the
local buckling stage. Nevertheless, it has been possible
to bend the two tubes at curvature levels correspond-
ing to bending moments higher than the fully plastic
moment (see Table 3).

6 CLASSIFICATION OF HSS CHS MEMBERS

6.1 Current design practice

Table 1 shows the classification of CHS tubular mem-
bers according the EN 1993-1-1. For consistency with

Table 3. Experimental results on the high-strength steel
tubes.

Ultimate Ultimate
Yield thrust, moment,
stress Nu [kN] Mu [kNm]

Section D (mm) t (mm) [MPa] (Nu/NY ) (Mu/MY )

A 355.6 12.5 735 10254 1168.6
(1.033) (1.402)

B 323.9 10 735 7961 805.93
(1.082) (1.438)

C 193.7 10 735 4414
(1.102)

the present analysis, the slenderness limits have been
also given in terms of the so-called “shell slenderness”,
defined as:

where

is the elastic buckling stress, and the value of Cx
is taken equal to 0.6, representing an infinitely long
cylinder, free of boundary condition effects.
For Class 1, 2 and 3 CHS sections (λ≤ 0.372), the

ultimate axial compressive capacity Nu is equal to the
fully-plastic axial loadNY = σY A, whereA is the cross-
sectional area. If the value of λ exceeds 0.372, then the
cross-section is classified as Class 4, implying that
buckling occurs in the elastic range, and its ultimate
axial compressive capacity is calculated from the EN
1993-1-6 rules for buckling of cylindrical shells, as
follows:

where the buckling strength σx,Rk can be written:

The reduction function χ depends on shell slenderness
as follows:

where, assuming excellent manufacturing quality
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Figure 9. Stability curve in EN1993 compared with numer-
ical results and experimental data.

Figure 10. Stability curve in EN1993 compared with
numerical results and experimental data.

For the case of bending loading, Class 1 and 2 cross-
sections have an ultimatemoment capacityMu equal to
the plastic bending moment MP = σYWpl , where Wpl
is the plastic bending modulus of the cross-section.
For Class 3 sections,Mu is equal to the elastic bending
momentMY = σYWel , whereWel is the elastic bending
modulus. Finally, forClass 4CHS sections,Mu is equal
to σx,RkWel , where σx,Rk is calculated from equations
(11)–(15) above.

6.2 Comparison with numerical results
and test data

The above predictions of ultimate capacity are plotted
against the finite element results and the test data, in
Figures 9 and 10 for the axial compression and bending
respectively, with respect to the slenderness parameter
λ. The ultimate axial load and bending moment values
are normalized by NY and MY respectively. The com-
parison between numerical results, test data and design
provisions indicates that the EN 1993 standard pro-
vides a rather conservative ultimate capacity in terms
of both axial and bending moment for the value of
initial imperfections assumed in the present study.

Figure 11. Deformation capacity of the cross-section under
axial load conditions.

Figure 12. Deformation capacity of the cross-section under
bending moment.

In addition, Figures 11 and 12 show the numerical
results for the deformation capacity of the cross-
section for axial (δu) and bending (ku) respectively,
normalized by the corresponding values at yielding
stage (δY and kY ), with respect to the value of λ.
The values of δu and ku correspond to Nu and Mu
respectively. The values of δu/δY and ku/kY indicate
significant deformation capacity of the tubes under
consideration, well beyond first yielding.

7 CONCLUSIONS

Using a special-purpose numerical technique, wrin-
kling and post-wrinkling behavior of thick-walled
high-strength CHS seamless tubular subjected to both
bending and axial loading have been investigated,
in order to determine their ability to sustain load
above the first yield level. The results have been com-
pared with limited test data, and with the EN 1993
classification provisions.
Considering imperfections and residual stresses

obtained from real measurements on high-strength
steel seamless tubes, the finite element results indi-
cated significantly higher ultimate capacity with
respect to the design rules of the above specification
rules, as well as a substantial deformation capacity.
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ABSTRACT: This paper describes defect tolerances for cast steel connections in braced frames and explores
the possibility of brittle fracture from assumed defects in typical cast steel connectors.A parametric study, which
investigates the sensitivity of brittle fracture to defect size, defect location and material mis-match effects, is
described through cast steel connector models. A toughness scaling model is used for evaluating the occurrence
of brittle fracture from assumed defects in the models.

1 INTRODUCTION

During the past decade, various steel casting prod-
ucts for steel building structures have been devel-
oped, such as connectors between brace members
and gusset plates in braced frames. A good contem-
porary overview is given by Herion et al. (2010).
Researchers and engineers are often concerned about
fatigue issues with casting products or cast steel
connections (Haldimann-Sturm & Nussbaumer 2008;
Veselcic et al. 2006) because casting products have
been used in bridge structures, such as nodes in tubular
truss bridges, for example, which sustain fatigue load-
ings. Castings have a clear benefit in fatigue-critical
applications because steel can be placed where needed
and shaped appropriately to dramatically reduce stress
concentration factors. Thus, attention is then mainly
focused on the casting-to-member welding detail
(Puthli et al. 2009).
Some casting products are welded to steel sections,

such as hollow structural section (HSS) members and
I-section members in building structures where these
members are expected to develop their capacity during
a large-scale earthquake. Such casting products thus
play a very critical role in seismic structures. It is pos-
sible that thewelded region between the casting and the
member, and even the casting itself, may exhibit plas-
tic behavior during an earthquake. This suggests that
brittle fracture may occur in cast steel connections if
weld defects exist in thewelded region. In addition, the
casting itself sometimes has defects or voids and those
may also induce brittle fracture.A study of defect toler-
ance for cast steel connections is hence very important
in order to prevent brittle fracture from weld defects
and casting defects.

This paper describes defect tolerances for cast
steel connections in braced frames, which have
become increasingly common in North America as
the main earthquake lateral load resistance mecha-
nism, and explores the possibility of brittle fracture
from assumed defects in typical cast steel connectors.
A parametric study, which investigates the sensitivity
of brittle fracture to defect size, defect location and
material mis-match effects, is performed through cast
steel connector models. A toughness scaling model
(Iwashita et al. 2008; Iwashita &Azuma 2011) is used
for evaluating the occurrence of brittle fracture from
assumed defects in the models.

2 CAST STEEL CONNECTOR

Modern castings used in recent tubular structures have
been presented by Herion et al. (2010). One of the
castings, a cast steel brace connector (de Oliveira
et al. 2008), is studied in this paper and is shown in
Figure 1.This connector is nowstandardized andmass-
produced for use in concentrically braced frames,
which are amongst the most popular lateral force
resisting systems for medium- to low-rise steel struc-
tures in North America. Fell et al. (2009) suggested
that I-sections and round HSS or pipe braces provide a
more desirable response than rectangular HSS braces
in concentrically braced frames under extreme seis-
mic loading. In this context, this type of cast steel
connector in Figure 1 is becoming popular, not only
for aesthetic reasons but also for simplifying erection,
reliability of connection design and its performance.
Circular hollow section (CHS) members are welded to
the connectors with complete joint penetration (CJP)
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Figure 1. Standardized cast steel brace connector.
(a) Brace-connector assembly in frame, (b) Beveled nose
detail that accommodates CJP welding to CHS of any wall
thickness.

Figure 2. Specimen ST-1 (de Oliveira et al. 2008).

welding at the ends of any CHS brace of given outer
diameter.At their other end, the connectors accommo-
date a double shear bolted connection to the gusset
plate, and then offer simplified erection through the
elimination of field welding.
In this paper, the authors have studied a particu-

lar high strength connector which is designed to fit
tubes of 168mm (or 6 5/8 in) outer diameter, and is
moreover welded to a HSS 168× 13 member. Such
a connection corresponds to specimen ST-1 in prior
research by de Oliveira et al. (2008). HSS 168 is one
of the most common diagonal brace sizes in North
America. This particular test specimen is especially
suitable for a brittle fracture study because it sustained
a higher load during testing than other test specimens
with lesser wall thickness. In addition, a greater tube
wall thickness induces higher plastic constraint, which
may in turn induce brittle fracture, if there are defects
in the connection. Specimen details and a dimensional
drawing of the cast connector under study are shown
in Figure 2. It is worth noting that none of the brace-
connector assemblies tested by deOliveira et al. (2008)
in fact exhibited brittle fracture in the region of the cast
end connectors.

Figure 3. Finite element analysis model and defect
locations.

Figure 4. Example of defect depth and length, and model
name.

3 ASSUMED DEFECTS

Two types of potential defects are considered in this
paper:

(i) Weld defects: at locations 1 to 4 in Figure 3;
(ii) Defects in the casting itself (casting defects): at

locations 5 and 6 in Figure 3.

Four patterns of defects were assumed as possi-
ble weld defects in the casting-to-tube joint and two
defects were assumed as possible casting defects in
the casting itself. The casting defects were located
in a region which is subjected to high stresses in the
casting, under brace axial loading, according to pre-
liminary finite element analysis results in this research.
Figure 4 displays defect depth and length, and also
shows model names. There are some welding defects
which are typical, such as lack of fusion, slag inclu-
sion, undercut and overlap. The maximum acceptable
depth of undercut is 1mm and the maximum accept-
able height and width of slag inclusions is 3mm in BS
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Figure 5. X-ray image of cast steel material indicating a
2.89× 2.38mm void.

7910 (BSI 2005). The authors, however, have adopted
a relatively large size for defects (5mm in depth and
up to 40mm in length as a maximum) in this paper
according to the approach of Bai & Bai (2005) and
Nakagomi & Tatsumi (2006). Only the defect at loca-
tion 6 (see Figs. 2, 3) has a length of 23mmbecause the
thickness at location 6 is 23mm.This, in effect, means
the defect is a through crack. The above defect sizes
adopted for the numerical study are likely to exceed
those in practice, even for casting defects. To gauge
the severity of the latter, X-rays were taken of cylin-
ders machined from a steel casting at the University
of Toronto, using a high-resolution X-ray inspection
machine. The largest void detected was 2.89mm in
length and 2.38mm in height, as indicated in Figure 5.

4 FINITE ELEMENTANALYSIS

4.1 Modeling methodology

The research in this paper uses a non-linear finite ele-
ment (FE) analysis to obtain data, such as J -integrals
and crack tip stress states, for specimens containing
assumed defects. The data are then interpreted with
regard to the possibility of brittle fracture from the
assumed defects.
FE analyses were performed using MSC Marc on

models constructed from 8-noded 3D solid elements.
This element was nonconforming and isoparamet-
ric and employs the reduced integration technique
with hourglass control. The plasticity of materials
was defined by the von Mises yield criteria. The
material stress-strain data used for FE analyses was
determined by standard tensile coupon tests of the
materials. Isotropic hardening was assumed. The min-
imum element dimension was 0.03mm in the defect
tip region and a mesh sensitivity study was performed.
Figure 3 shows a typical mesh used for modeling
Specimen ST-1.

4.2 FE analysis results

Strains and deformations measured during laboratory
testing were compared to the results of FE analysis for
the purpose of validating the numerical models. The
FE analysis results were comparable to the test results.
The results of finite element analyses of models

with assumed defects showed that all of the defects do

not significantly affect the overall load-displacement
curves and load-strain curves. The maximum static
load decreased less than 1.0% with a defect of 4.0mm
in depth and 40.0mm in length in the welded joint,
compared with a sound model which had no defect.
This means that this kind of cross-sectional area
loss does not significantly affect the axial force and
deformation capacities. However, it may affect the
occurrence of brittle fracture which is discussed later.

5 EFFECT OF DEFECTS

5.1 Assumed fracture toughness

The J -integral can be used as a fracture parameter
for ductile materials and characterizes the crack tip
stresses and strains. The critical J -integral value, Jc,
which is a fracture toughness measure, is normally
obtained from fracture toughness tests (e.g. BSI 1991),
and values such as KIc, Jc, and δc have all been used
for assessing the occurrence of brittle fracture from
defects in structures (BSI 2005). The authors have
herein considered brittle fracture using the J -integral.
BSI (2005) shows that the use of the results of Charpy
V-notch impact tests to indicate fracture toughness
levels is possible, althoughdirectmeasurement of frac-
ture toughness is preferable. Since it is not common
to carry out fracture toughness tests for materials in
general steel structures, such as concentrically braced
frames for example, the use of the results of Charpy
tests could be a realistic approach to evaluate the
occurrence of brittle fracture from defects. Accord-
ing to Folch & Burdekin (1999), there is a correlation
between temperature corresponding to about 27 or 28 J
Charpy energy absorption in the Charpy test and frac-
ture toughness values (KIc) of 100MPam1/2.ACharpy
V-notch impact test value requirement of 27 J, at least
at 0◦C, is normally specified for the materials of the
brace, the connector and the weld joint between those.
Values of Jc are converted to equivalent KIc values by
the relationship:

This means that Jc is approximately 45N/mm at 27 J
Charpy energy absorption. The correlation (Folch &
Burdekin 1999) is well known in the fracture mechan-
ics field. Thus, the authors have defined the critical
fracture toughness as Jc = 45N/mm in this paper
although this value is conservative, compared with
some fracture toughness results (e.g. Iwashita et al.
2008).

5.2 Effect of defects on J-integral and plastic
constraint

Table 1 shows the J -integral values of each model
for FE analyses at the final displacement of the test
specimen, 80mm, which is almost the same value
as when fracture occurred at the brace’s mid-length,
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Table 1. J values of each model at the final test specimen
displacement (80mm).

J (N/mm)

Defect depth Defect locations
and length 1 2 3 4 5 6

D4-L40 196 70 7 19 8 14*
D4-L20 122 34 – – – –
D2-L40 104 – – – – –
D2-L20 85 – – – – –

* No.6 has only a defect of 23.0mm in length because the
thickness at location 6 is 23.0mm.
– brittle fracture not induced.

during tension loading (specimen ST-1 in de Oliveira
et al., 2008). The defects at locations 3 to 6 and at
location 2 (D4-L20) exhibited a very small J -integral
value that does not induce brittle fracture, although the
models had relatively large size defects (up to 4mm in
depth and 40mm in length). This result is reasonable
because the cast connector was designed to remain
elastic up to the tensile capacity of the brace member.
The J -integral at location 1 has the largest value for
FE models with the same depth and length of defects
(see “D4-L40” line in Table 1) and all the FE mod-
els with the defects at location 1 show higher values
than Jc (= 45N/mm). The possibility of brittle frac-
ture is discussed later using a toughness scaling model
(TSM) considering the effects of plastic constraint
on brittle fracture. Clearly, if the size of the defects
becomes smaller, the J -integral value also becomes
lower.Although there is almost no difference in cross-
sectional area loss due to defects between 1-D4-L20
and 1-D2-L40, there is a difference in J -integral value
because a larger defect depth influences crack tip
stresses and strains, and induces a higher J -integral
value.
Figure 6 shows stress triaxiality vs. J -integral

curves. The result of a SENB (Single Edge Notched
Bend) model, which is used in fracture toughness tests
to represent a high level of plastic constraint at the
crack tip, is also added in Figure 6 (b). Stress triaxial-
ity can be related to plastic constraint, which is also a
very important factor for inducing brittle fracture. The
stress triaxiality, Ts, is calculated as follows:

where σh is the hydrostatic stress and σeq is the
von Mises equivalent stress. Stresses were calculated
from elements forming the defect tip, being approxi-
mately 0.3mm away from the defect tip in this study.
The relationship between the stress triaxiality and the
J -integral influences brittle facture initiation in combi-
nation (Iwashita et al. 2003; Iwashita &Azuma 2011).
The model with the defect at location 1 (1-D4-L40)
is subjected to not only a large J -integral but also
high stress triaxiality, compared with the other models

Figure 6. Stress triaxiality vs. J -integral curves around the
defect tips.

shown in Figure 6 (a). Brittle fracture may occur at
a lower value of J -integral when specimens are sub-
jected to a high level of plastic constraint at defect
tips. Models 2 to 6 are subjected to a lower level of
stress triaxiality, especially models 3 and 4 which are
also subjected to a small J -integral value. This means
that the possibility of brittle fracture from defects at
locations 3 and 4 is extremely low.
Since 1-D4-L40 was the most critical case from

Figure 6 (a), the models with the defects at location
1 are considered in Figure 6 (b). All the models with
the defects at location 1 exhibited higher J -integral
values than Jc (= 45N/mm), as previously described,
but stress triaxiality for the models is lower than that
for the SENB. This means that the possibility of brit-
tle fracture for these models is less than that for the
SENB at the same J -integral. An interesting point is
that 1-D4-L40 exhibits a lower value of stress triaxial-
ity than 1-D4-L20, although 1-D4-L40 has the longer
defect length. According to the FE analyses, a larger
defect length induced extended yielding in the region
around defect tips, and a larger increase of σeq as com-
pared with σh, so stress triaxiality decreases in this
case. The relationship between 1-D2-L20 and 1-D2-
L40 also shows the same tendency. It is possible to
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Figure 7. SENB specimens with a different notch depth.

know the extent of plastic constraint and the amount
of the J -integral as described above. It is, however,
difficult to predict the probable fracture point from
only the relationship between stress triaxiality and J -
integral as shown in Figure 6 (b). The possibility of
brittle fracture is discussed in the next section.

6 POSSIBILITY OF BRITTLE FRACTURE
WITH TOUGHNESS SCALING MODEL

6.1 Toughness Scaling Model (TSM)

Under small scale yielding (SSY) conditions, a single
parameter J , calculated from the J -integral, char-
acterizes fracture toughness at a crack tip and is
a geometry-independent fracture criterion. However,
single-parameter fracture mechanics does not hold
when plasticity is high and fracture toughness is
thus dependent on the size and geometry of the test
specimen (Anderson 1994). From numerical analyses,
Anderson & Dodds (1991) found that the apparent
toughness of a material is highly dependent on the
plastic constraint conditions at the crack tip of the test
specimen. In particular, they examined the effects of
crack depth in SENB specimens.
Figure 7 presents two SENB specimens with dif-

ferent notch depths. Moreover, this figure shows the
stress state at the crack tips in both specimens under
the same J value. For the stress states a plane sec-
tion of the material volume surrounded by a contour
at a maximum principal stress, σmax, is displayed.
The volume of the specimen with a shallow notch is
smaller than that of the specimen with a deep notch,
although the same J value is applied to each specimen.
This example shows the dependency of fracture tough-
ness on the size and geometry of the test specimens.
Anderson & Dodds (1991) proposed that the proba-
bility of brittle fracture is equal for the two specimens
when the volumes are equal.When the critical J value,
Jc, is obtained through SENB testing of a shallow
notched specimen, the value of Jc can be corrected by
determining the J value at which the crack tip volume
of the deep notched specimen equals that of the shal-
low notched specimen at fracture. Iwashita & Azuma
(2011) found that the volume could be replaced with
the area, which is the planar area (1–2 plane in Fig-
ure 7) at the crack tip surrounded by a contour of a

Figure 8. Evaluation procedure of corrected J using TSM.

Table 2. Corrected J value of each model at the final
displacement (80mm).

Corrected J (N/mm)

Defect depth Defect locations
and length 1 2 3 4 5 6

D4-L40 29.1 5.9 0.0 0.0 5.2 6.2*

*No.6 has a defect of 23.0mm in length.

certain value of σmax and this approach could give
more accurate predictions.The corrected J is obtained
through the procedure indicated in Figure 8. The max-
imum principal stress is taken to be σmax = 3σy, as
deemed typical by Knott (1973), Anderson & Dodds
(1991) and others. In addition, it was found that the
ratio of corrected J to J satisfying SSY was nearly
constant, between 2.8σy and 3.2σy, from FE analyses
by Iwashita et al. (2003).

6.2 Possibility of brittle fracture for cast connector
specimen ST-1

Table 2 shows corrected J values of each model which
has the large defect size (4mm in depth and 40mm
in length). All of the models exhibited corrected J
values less than Jc (= 45N/mm). This means that the
possibility of brittle fracture for these models is low
in the range of 80mm applied specimen displacement
which is almost the same as the ultimate displacement
of ST-1, even if the models had the worst conditions (a
low level of fracture toughness was assumed accord-
ing to the lower limit Charpy absorbed energy value;
large assumed defects were adopted). Consequently,
the specimen (ST-1) naturally did not exhibit brittle
fracture in the connection test (de Oliveira et al. 2008).
These models, except the model with the defect at

location 1, had small corrected J values (see Table
2). In addition, the models with defects at locations
3 and 4 even exhibited zero corrected J since regions
around the defect tips in themodels were not subjected
to a maximum principal stress of 3σy or greater. Fig-
ure 6 (a) also shows low stress triaxiality and J -integral
values for the models.
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Table 3. Material properties.

σy σu E
Material (MPa) (MPa) (GPa)

Castinga 565 695 206
Tubea 475 525 199

Casting-Ls 345 550 200
Casting-Us 570* 700* 200
Tube-Ls 350 450 200
Tube-U s 525 620 200

a: de Oliveira et al. 2008; Ls: lower limit (specification);
Us: upper limit (specification); *: not specified.
Tube per CAN/CSA-G40.20/G40.21 grade 350W (CSA
2004). Casting per ASTMA958 Grade SC8620 Class 80/50
(ASTM 2000).

7 PARAMETRIC STUDY

FE analyses were carried out to perform a paramet-
ric study in order to determine the influence of the
following parameters on sensitivity of brittle fracture:
material property, loading type and defect location. It
should be noted that the FE analyses did not consider
cyclic loading effects in this paper.The cast connectors
in braced steel frames are actually subjected to reverse
cyclic loading during a severe seismic event. Buck-
ling, however, occurs in the brace members during the
compression loading phase before the connectors are
subjected to a large compression load, so the connec-
tors and welded regions do not sustain plastic behavior
in compression. Thus, the effect of cyclic loading on
the occurrence of brittle fracture is very small in the
cast connectors and could be ignored in this research.

7.1 Material properties according to specifications

The yield strength, σy, and ultimate strength, σu, of
both the casting and tubematerials of test specimenST-
1weremuchhigher than theminimumspecifiedvalues
for the casting and tube material, as shown in Table 3.
Upper limits on strength for the casting are not speci-
fied by the standard (ASTM2000) so itwas assumed in
FE analyses to have material properties close to that of
the castingmaterial (de Oliveira et al. 2008) which had
highermaterial strengths. FE analyses were performed
with the different material properties in Table 3 in var-
ious combinations. For example, if there are defects
assumed between the tube and weld (defect locations
1 and 2), the combination of “Casting-Us” and “Tube-
Ls” is the most critical combination with regard to
occurrence of brittle fracture. On the other hand, if
there are defects assumed in the casting itself (defect
locations 5 and 6), the combination of “Casting-Ls”
and “Tube-Us” is the most critical combination.

7.2 Effect of loading rate

It iswell known that dynamic loading deteriorates frac-
ture toughness: a ductile-to-brittle transition tempera-
ture shifts to a higher temperature at higher strain rates

because dynamic loading is associated with inducing
increased yield strength and ultimate strength. Then,
fracture toughness decreases, apparently due to an
increase in the higher stresses around the crack tips
(Minami et al. 2000). It is therefore important to con-
sider increased yield strength and ultimate strength in
FE analyses to evaluate the corrected J for prediction
of brittle fracture. The yield strength at a strain rate
of about 0.4/s is approximately 10% greater than at a
strain rate of about 0.004/s, and the ultimate strength
increases by approximately 5% over the same differ-
ential in strain rate (JWES 1997). According to those
phenomena, the corrected J , considering the effect of
dynamic loading on brittle fracture, in this paper is
evaluated through FE analyses with higher yield and
ultimate strengths, whereby the static values are mul-
tiplied by 1.1 and 1.05 respectively, in all elements of
models as a simplified way of considering the effect
of loading rate.

7.3 Sensitivity of brittle fracture

FE analyses were performed for all the models with
different combinations of the material properties in
Table 3. In these FE analyses, only the model with
the defect at location 1 displayed a corrected J value
higher than Jc (= 45N/mm) and all corrected J val-
ues for other models with the defects at locations 2,
3, 4 and 5 were less than 10N/mm. This means that
the possibility of brittle fracture from defects at these
other locations is extremely low. On the basis of these
results, the authors focused on location 1 and present
mainly results of the models with the defect at loca-
tion 1 in this paper. Table 4 shows corrected J values
for the 1-D4-L40 model with some combinations in
material property and loading type, and for 6-D4-L23
for reference, which had a casting defect at the most
critical location in the cast connector. Only “Tube-
Ls” was used for the tube material in the 1-D4-L40
model because it is definitely the critical case for the
defect at location 1. The applied J of the model in
Table 4 is the value of the J -integral at the applied
displacement (80mm in this research, which is almost
the same as the ultimate displacement of ST-1 and also
corresponds to about 8% story drift in a typical braced
frame building).The value of applied J is corrected by
determining the J value at which the crack tip area of a
SENB specimen with a deep notch equals that (critical
area) of the model at the final applied displacement,
as shown in Figure 8 and as described previously.
All of the models except one, condition number 7

(Table 4), exhibited a corrected J value lower than Jc
(= 45N/mm), although the applied J of all the models
exceeded Jc (= 45N/mm).This illustrates that consid-
ering the effects of plastic constraint on brittle fracture
is very important in order to predict the occurrence of
brittle fracture. As described previously, it is known
that dynamic loading increases the corrected J , which
is also illustrated by comparing conditions 1 and 5 for
1-D4-L40 (Table 4). It is therefore also important to
consider the dynamic loading effects.
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Table 4. Results of corrected J for 1-D4-L40 and 6-D4-L23 models.

The 1-D4-L40 model with condition 4 exhibited
a higher corrected J than that with condition 3. The
defect was located between the tube and weld, and the
weld material for condition 4 had “Cast-Us”, which
had much higher yield and ultimate strengths com-
pared with the tube material with “Tube-Ls”. This
mis-match between tube andweld induced higher plas-
tic constraint around the defect tips and this then
affected the corrected J value. This is known as the
mis-match effect (Ohata et al. 1996) which worked as
an over-match effect in this case. The model with con-
dition 2 also exhibited a higher corrected J value than
that with condition 1 because of the mis-match effect,
but the difference in corrected J values between “Tube-
Ls” and “Cast-Ls” was smaller compared with the case
of conditions 3 and 4 because the difference in the
material strengths was also small. The ratio of applied
J to corrected J in Table 4 indicates the relative extent
of plastic constraint and a ratio value of “1.0” means
that plastic constraint is equivalent to the SENBmodel
with a deep notch. The difference in the ratio value
between conditions 3 and 4 in Table 4 confirms that
the mis-match effect increases the plastic constraint.
Thus, the use of a welding consumable equivalent to
the tube material strength is effective for reducing the
possibility of brittle fracture due to defects.
The defect at location 6 was subjected to higher

plastic constraint, illustrated by the lower value of the
ratio in Table 4, because the defect in the 6-D4-L23
model was a through crack, which is the most criti-
cal crack shape. The corrected J value of this model,
however, was less than Jc (= 45N/mm) because elas-
tic behavior of the casting connector was maintained
(de Oliveira et al. 2008) and then the applied J value
was also small. This kind of design could free struc-
tural engineers from concern over brittle fracture due
to casting defects, even if the casting had a low mate-
rial toughness like 27 J at 0◦C and some defects in
critical locations.

7.4 Defect tolerance

Table 5 shows a matrix of corrected J values at each
defect depth and length at location 1 (which is the
most critical location in the cast steel connection in

Table 5. Matrix showing corrected J (N/mm) at each defect
depth and length at location 1.

Defect length

Defect depth 10mm 20mm 30mm 40mm

2mm 13 26 19 22
3mm 15 38 35 40

4mm 17 42 56 58

5mm 16 51 70 7

braced frames) derived by performing FE analyses
with the most critical condition which is condition 7
inTable 4. The shaded regions in Table 5 illustrate that
the corrected J value is higher than Jc (= 45N/mm).
Defect depth and length naturally influence each other.
If defect depth is less than 3mm, 40mm of defect
length is allowable. In addition, if the defect is less than
10mm in length, even 5mm of defect depth is allow-
able as it produces a very small corrected J value. As
described previously, it is also known that defect depth
is more critical to the occurrence of brittle fracture
than defect length, and this is supported by compari-
son of D2-L40 and D4-L20, or D3-L40 and D4-L30,
inTable 5, which have almost the same cross-sectional
area loss, respectively.

8 CONCLUSIONS

This paper has examined the potential for brittle frac-
ture in a cast steel connector which is now used
in concentrically braced frames subjected to severe
seismic loading. A particular circular hollow section-
to-casting brace assembly has been used as a reference
test specimen. Assumed defects of various size have
then been added to this casting and welded joint. A
parametric study was then performed which inves-
tigated the sensitivity of brittle fracture to defect
tolerances for such cast steel connections in braced
frames. The following conclusions, which are limited
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to the particular configuration studied, can be drawn
from this work:

1. Aweld defect at the outside of the tube, and between
the tube and the weld (location 1 in Figure 3), is
the most critical defect location and only a defect
at this location showed any possibility of brittle
fracture in the parametric study. Weld defects at
this location can be identified using conventional
non-destructive examination methods for welds
with comparative ease. The weld defects at other
locations were subjected to low levels of plastic
constraint. A casting defect at the edge of the bolt
hole, which was subjected to the highest stress in
the casting (location 6 in Figure 3), exhibited a high
level of plastic constraint, but the corrected J value
was less than the critical fracture toughness because
of the elastic behavior of the cast connector.

2. Mis-match effects increase plastic constraint which
induces brittle fracture. The use of weld con-
sumables equivalent to the tube material strength
decreases the possibility of brittle fracture.

3. Defect depth has more influence on the occurrence
of brittle fracture compared to defect length.

4. The parametric study confirms allowable weld
defect sizes of 5mmindepth for 10mmin length, or
40mm in length for 3mm in depth, at themost criti-
cal location between the tube and theweld (location
1 in Figure 3).
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ABSTRACT: The FailureAssessmentDiagram (FAD) is an accepted approach in assessing the structural safety
and integrity of any cracked tubular joint. In order to extend its application to a more complex geometry of any
cracked Circular Hollow Section (CHS) tubular T-joint, there are three major challenges needed to be overcome;
firstly there is a need to validate the existing FAD curves based on a fixed crack size for the prediction of
instability crack growth, secondly it is important to check the accuracy of the available 3D stress intensity factor
solutions and the crack driving force Jep or CTOD, and thirdly it is necessary to estimate the fully plastic collapse
load Pc solutions for the cracked CHS joints of interest. This paper focus on the plastic collapse load Pc and the
CTOD for a cracked CHST-joint subjected to brace end axial loads, and both Pc and CTOD are estimated using
the experimental test and non-linear Finite Element (FE) method.

1 INTRODUCTION

Circular hollow section (CHS) joints are widely used
in offshore and onshore structures. In practice, fatigue
crack is frequently found at the hot spot stress location
of the CHS joint that is subjected to cyclic load-
ings during the service time. As a result, the ultimate
strength of the joint is reduced, and for some extreme
cases they are going to be reduced significantly. It is,
therefore, very important to assess the effect of cracks
on the safety and integrity of cracked CHS joints.
The most widely accepted approach for assessing

the safety and integrity of a cracked CHS joint uses an
FAD method. It enables the safety and integrity of the
cracked CHS joint to be assessed through two separate
calculations based on two extremes of fracture behav-
ior, namely, linear elastic and fully plastic behavior.
In the procedure of constructing FAD curves for the
assessment of the cracked CHS joints, there are three
major challenges needed to be overcome; firstly there
is a need to validate the existing FAD curves based on
a fixed crack size for the prediction of instability crack
growth, secondly it is important to check the accuracy
of the available 3D stress intensity factor solutions and
the crack driving force Jep or CTOD, and thirdly it is
necessary to estimate the fully plastic collapse load Pc
solutions for the cracked CHS joints of interest.
The plastic collapse load plays a critical role in

the procedure of assessing the safety and integrity of

any cracked CHS joint using an FAD approach. For
the past decades, several research programs had been
carried out to study the ultimate strength of cracked
CHS joints (Gibstein 1986, Burdekin & Frodin 1987,
Cheaitani 1994, Burdekin & Yang 1997), however,
most of them were conducted by experimental tests
while few of them were investigated using FE method
since the mesh models of the cracked CHS joints are
too complex to construct. In the current study, an auto-
matic mesh generator is developed to construct the
mesh models of a cracked CHS T-joint containing a
single semi-elliptical surface crack, and the crack can
be located at anywhere along the actual weld toe with
arbitrary length. The completed FE models are ana-
lyzed using the ABAQUS (2009) software, and the
plastic collapse loads are predicted using twice-elastic
compliance criterion and Lu’s (1994) deformation
limit formulae.
The crack mouth opening displacements (CMODs)

of the experimental test and the FEmodel results at the
deepest crack tip are compared and then extended to
calculate the CTODs of the cracked CHST-joint using
the FE model presented in the present study.

2 EXPERIMENTAL TESTS

In order to validate the performance and convergence
of the FE model presented in the present study, a
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Figure 1. Dimensions of the specimen.

Figure 2. Crack details of the specimen.

cracked CHST-joint was tested to failure in the labora-
tory ofYantaiUniversity, China.The cracked specimen
was obtained from a previously completed fatigue test.
The basic dimensions and typical cross-section of the
cracked CHS T-joint specimen are shown in Fig. 1,
while the position and the length of the crack along
the actual weld toe are illustrated in Fig. 2. It must
be mentioned here that the deepest point of the semi-
elliptical crack front is located10mmbeside the saddle
position. A portable alternating current potential drop
(ACPD) crack scan was used to measure the initial
crack shape before the test, and also it was used during
the test tomeasure the crack shapeswhile the specimen
was subjected to different level of loads. The length of
the initial crack is 2c= 100mm, and the depth of the
deepest point is a= 4mm.
The cracked CHST-joint was subjected to brace end

axial tensile load and the test rig is shown in Fig. 3. It
can be seen that both the ends of the chordwere pinned
and a LVDTwas placed to measure the deformation of
the joint.During the test, the testingmachine record the
applied loads and the corresponding displacements of
the brace end automatically, and they are shown on the
display of a computer screen connected to the testing
machine.When the applied load reaches a certain value
set before the test, the experiment was stopped for a
while in order to manually measure the corresponding
crack shape andCMODat the deepest point.The crack
propagation process of the specimen is shown in Fig. 4,
which provides the detailed information of the crack
shape. It can be found that the crack shape resembles
a semi-ellipse, and therefore, it is rational to adopt
a semi-elliptical surface crack assumption in the FE
models. The close view of the typical fracture surface
of the specimen is illustrated in Fig. 5. It can be seen

Figure 3. Test rig.

Figure 4. Crack shape development records.

Figure 5. Close view of the fracture surface.

that ductile tearing had taken place within a certain
area and the crack shape resembles a semi-ellipse that
is consistent with the crack shape records.

3 FINITE ELEMENT MODEL

Because of geometrical complexity of the cracked
CHS T-joint, it is very difficult to construct the mesh
model of the semi-elliptical surface crack manually.
Lie& Shao et al. (2005) developed an automatic mesh
generator to construct the mesh model of the semi-
elliptical surface crack automatically, and the crack
can be located at anywhere along the actual weld toe
with arbitrary length. Based on the previous research
works, a new mesh generator is being developed in
the present study, and a new refined mesh design of
the crack block is used for elastic-plastic analysis. In
the new mesh design of the crack block, only one
type element, i.e. hexahedral element with 20 nodes,
is adopted.
The entiremesh of the crackedCHST-joint is shown

in Fig. 6, while the close view of the mesh of the crack
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Figure 6. The mesh of the cracked CHS T-joint.

Figure 7. Local mesh of the crack block.

block is illustrated in Fig. 7. It can be seen that the
meshdensity is increased around the intersecting curve
area to capture the high stress gradient existing at this
region.
As a general rule, the appropriate level of mesh

refinement of the crack tip depends on the purpose
of the analysis. For investigating the residual strength
of a cracked tubular joint, a relatively coarse mesh is
adopted by Burdekin &Yang (1996), while for inves-
tigating the CTOD and the Jep, a very refined mesh is
required as suggested by Anderson (2005). The mesh
design of the crack tip is shown in Figs. 8 and 9.
According to published works of Yang & Cao

(1998), at least three rings of element enclosing the
crack tips should be used so that the J -integral values
can be calculated from sufficient contours to check
the path independence of the results. The radii of the
rings should be small, especially for the first ring. A
model with more rings near the crack tip is also neces-
sary to obtain accurate values of CTOD. It is suggested
that the radius of the first ring should be less than 0.1
times the chord thickness. In the new mesh generator,
the number of rings of element is kept as a variable
and can be set as an arbitrary value theoretically. For
the mesh of the specimen, crack tip models with three
and six rings of elements are investigated respectively,
and the radius of the first ring of the two models are
all less than 0.1 times the chord thickness. The mesh
design of the crack tip with three rings of element is
shown in Fig. 8, while the refined mesh design of the
crack tip with six rings is shown in Fig. 9. In the new
mesh design, 16 elements around a ring are used.
In addition, a blunted crack tip is adopted in

the elastic-plastic analysis as suggested by Anderson

Figure 8. Mesh of the crack tip with three rings.

Figure 9. Mesh of the crack tip with six rings.

Figure 10. The small keyhole.

(2005). In order to construct the blunted crack tip, a
keyhole with small radius illustrated in Fig. 10 is used.
The small keyhole can be helpful when there is a large
deformation, which is deemed to happen when the
FE model is subjected to a very high level of loads,
and to avoid the elements near the crack tip from col-
lapsing which may give invalid Jep results and less
accurate CTOD values. The effect iveness of the key-
hole radius on the crack driving force Jep and CTOD
will be addressed in another paper.
In elastic analysis, the mid-side node of the crack

front element is moved to the 1/4 points in order to
produce a 1/r1/2 strain singularity, while in elastic-
plastic analysis, the location of the mid-side nodes is
unchanged in order to produce 1/r strain singularity,
which corresponds to the actual crack tip strain field
for fully plastic material.
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Figure 11. True stress-strain curve used in elastic-plastic
analyses.

4 RESULTSAND DISCUSSION

In order to obtain the property of the steel, a set
of coupon tests consisting 3 specimens were carried
out, and then the engineering stress-strain curves were
obtained.The true stress-strain curve shown in Fig. 11,
which is derived from the engineering stress-strain
curve, is used by the ABAQUS (2006) software to
carry out the elastic-plastic analyses.
Fig. 12 shows the comparison between the numeri-

cal and experimental load-displacement curves. The
displacement is defined as the displacement of the
brace end.According to the experiment data, the crack
started to propagate at the deepest point after the brace
end displacement exceeded 20mm. When the brace
end displacement reached 40mm, the crack had propa-
gated by 1mmat the deepest point. Since the FEmodel
can’t simulate the growth of the crack, the discrep-
ancy between the numerical and experimental results
becomes more apparent after the crack began to prop-
agate. However, it can be seen that the two numerical
curves almost converge completely. Therefore, it can
be concluded that the rings of element has a small
effect on the ultimate strength of the cracked CHS
T-joint, which is consistent with the conclusion
obtained byYang (1996).
The load-displacement curve obtained from the

finite element analysis shows a continuous trend with
no maximum value to define the ultimate strength.
Hence, it is necessary to find a method to define the
ultimate strength of a cracked joint from the results of
an FE analysis.A deformation limit is widely accepted
to define the ultimate strength of a joint, but so far there
is no common agreement on the choice of the defor-
mation limit. The twice elastic compliance criterion is
suggested by Burdekin & Yang (1996) to predict the
plastic collapse load Pc of a cracked CHS joint, and it
is based on the load-deformation response of a struc-
ture in the elastic-plastic analysis. The plastic collapse
load is the load corresponding to the intersection of
the load-deformation curve and a straight line known
as collapse limit line, emanating from the origin of
the load-deformation curve with half the slope of the

Figure 12. Load-displacement curves.

Figure 13. Load-deformation curves.

initial elastic response. Yang & Lie (2011) analyzed
cracked rectangular hollow sectionT-,Y-, and K-joints
using the twice elastic compliance and obtained a good
prediction. As shown in Fig. 12, the plastic collapse
load of the cracked T-joint is about 197 kN, which is
slightly higher than the initial tearing load of 193.8 kN.
Another compliance used for predicting the plastic

collapse load of a CHS T-joint was proposed by Lu
(1994). According to Lu’s formulae, 3% chord diam-
eter is defined as the deformation limit. In the present
study, Lu’s deformation limit is also adopted to predict
the plastic collapse load. The deformation is defined
as the relative displacement of the top and the bot-
tom point at the middle cross section of the chord
member. Fig. 13 shows the load-deformation curves
of the experimental test and the numerical analysis.
The plastic collapse load is about 186 kN predicted by
Lu’s deformation limit, which is slightly lower than the
initial tearing load.
Fig. 14 shows the comparison of CMOD-load

curves at the deepest point between experimental test
and numerical analyses. It can be seen that the two
numerical curves are close to the experimental one
before the load reaches 180 kN.After the load exceeds
180 kN, the discrepancy between the experimental test
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Figure 14. Comparison of CMOD results.

Figure 15. Comparison of CTOD results.

and the numerical results become larger and unaccept-
able. One of the possible explanations is that when the
load reached 180kN, a large plastic zone has occurred,
and then the value ofCMOD increased rapidly because
of the instability growth of the crack while the applied
load kept relatively constant. Therefore, it is very dif-
ficult to get an accurate CMODmeasurement by hand
during this phase of the experimental test.
Fig. 15 shows the comparison of the CTOD curves.

Only numerical results are compared because there are
no available experimental results. It is found that FE
models with three rings of element enclosing the crack
tip can produce a good prediction of CTOD.

5 CONCLUSIONS

In order to validate the performance and convergence
of the FE models presented in this study, a cracked
CHS T-joint subjected to brace end axial loads was
tested to failure. It was found that the tested specimen
has a notable plastic deformation and ductile tearing

had taken place at a certain area near the crack tips.
Before a large plastic zone of the joint has occurred,
the load-displacement and CMOD-load curves of the
numerical results fit well with the experimental test
results.Therefore, the FEmodel presented in this study
is suitable to be used for predicting the plastic collapse
load Pc and the CTOD of a cracked CHS T-joint.
The number of rings of element enclosing the crack

tip has a small effect on the ultimate strength of a
cracked CHST-joint, and generally three rings are suf-
ficient to get a good prediction of the plastic collapse
load Pc and the CTODs.
Both the twice elastic compliance and Lu’s defor-

mation limit can be used to predict the plastic collapse
loads of the cracked CHS T-joints.
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ABSTRACT: This paper presents the experimental and numerical investigation on the fatigue cracking at the
root of the enhanced partial joint penetration (PJP+) welds in the circular hollow section X-joint specimens
subjected to constant-amplitude brace in-plane bending actions. The PJP+ welds, which include a portion of
the brace wall as the inherent “back-plate”, reduce the workmanship requirement on the welding procedure and
improve the quality control of the welded joint. This study compares the fatigue crack developments observed
at both the weld toe and the weld root in two large-scale X-joint specimens with different post-weld surface
treatments. Root cracking is hardly observed in as-welded tubular X-joint specimens without post-weld surface
treatment, in which the fatigue life depends on the toe failure. In specimens with post-weld grinding treatments
to enhance fatigue resistance of the material near the weld toe, however, the finite-length root face triggers the
initiation and propagation of fatigue cracks, but with an applied number of cycles more than that required to
initiate a toe crack in the identical as-welded tubular X-joint.

1 INTRODUCTION

The geometric constraints for tubular T-, Y- and
K-joints often only allows welding, e.g., the com-
plete joint penetration (CJP) welds protocol (AWS,
2010), from the outside of the brace-to-chord inter-
sections.Without a back weld or a back plate inside
the tubular brace member, exceptional welder skills
(6GR qualification) are required to deliver the sat-
isfactory welds. This leads to potential weld defects
and built-in discontinuity at the root, over which both
the offshore companies and offshore fabricators have
learned theirlessons in a hard way (Marshall et al.,
2010). The structural design of tubular joints requires
much more beyond the specification of the CJP welds,
e.g., considerations of other failure modes including
the punching shear failure (Marshall &Toprac, 1974).
TheAmericanWelding Society (AWS)D1.1 structural
code (2010) recognizes that the root of the single-
sided tubular welds will not always be perfect based
on the findings from the small-scale fatigue test data
(Marshall, 1984a). Previous attempts (MSL, 1999) to
examine the effect of the root discontinuity on the
fatigue performance of tubular joints fabricated by
CJP welds have confirmed that the stresses near the
root remain less critical than that near the toe, with
the maximum stress-concentration factor (SCF) near

the root equal to about 80% of the SCF value at the
weld toe.
The complete joint penetrationwelds impose a strin-

gent requirement on the workmanship of the welders
to produce high-quality welds with satisfactory limit
load and fatigue performances. Widely practiced in
offshore jackets and onshore bridges, the designers
and fabricators follow detailed protocols in cutting,
fitting, welding and inspection to achieve satisfac-
tory CJP welds (Marshall, 1984b, 1992, 2006). An
alternative approach, practiced widely in Europe to
deliver high-quality CJP welds in bridge structures,
inserts a smaller tube in the brace member as a back-
ing strip for the welding deposits. This approach
elevates the fabrication cost to satisfy the strength
and fatigue requirement anticipated for CJP welds in
design codes (Schumacher et al., 2001), while leaving
built-in discontinuity at the weld root.
Inspired by the backing plate approach and the par-

tial joint penetration welds, Qian et al. (2009) propose
the enhanced partial joint penetration (PJP+) welds
for tubular connections. The enhanced partial joint
penetration welds aim to reduce the workmanship
requirement on the welding procedure, by introduc-
ing small and tractable root discontinuities in the
welds.The PJP+ welds profile a built-in backing strip
for the welding deposits. Figure 1 compares a typical
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Figure 1. Comparison of the CJP welds and the enhanced
partial joint penetration welds.

welding detail in the CJP prescribed in AWS (2010)
and a corresponding detail with a similar range of the
local dihedral angle in PJP+welds (Qian et al., 2009).
The PJP+welds provide amore generous groove angle
(ϕ in Figure 1), which facilitates end preparation and
welding of the connected member, but leaves a finite-
widthroot face. The root face depends on the wall
thickness of the brace member (Qian et al., 2009).
Tubular joints fabricated with the PJP+ welds antic-
ipate equivalent ultimate and fatigue performances
compared to those using the CJP welds.
This study reports the experimental findings from

a joint-industry project, which examines the fatigue
performance of the enhanced partial joint penetration
welds on the large-scale CHS X-joints with different
post-weld treatments subjected to constant-amplitude
brace in-plane bending. The entire experimental pro-
gram consists of five specimens, with three as-welded
joints and two to-be-tested joints with the chord mem-
ber infilled with ultra-high strength concrete. This
paper focuses on the first two as-welded specimens.

2 EXPERIMENTAL PROGRAM

2.1 Specimens

Fabrication of the specimens tested in the experimen-
tal program follows a modified beveling procedure
in an offshore fabrication yard. Figure 2 illustrates
the configuration of the two tubular joint specimens
reported herein. Both joint specimens share the same
dimensions and boundary conditions. The brace-to-
chord diameter ratio (β) equals 0.54, while the chord
diameter over the wall thickness ratio (γ) is 15 and
the brace wall thickness over the chord wall thickness

Figure 2. Geometric configuration of the tubular X-joint
subjected to constant-amplitude brace in-plane bending.

ratio (τ) takes a value of 0.5, representative of typ-
ical values for new designs. The chord member has
a length of 1750mm to fit into the available space
in a 200-ton cyclic testing rig in the Structural Engi-
neering Laboratory, National University of Singapore.
The anticlockwise angle ρ in Figure 2 denotes the
position along the brace-to-chord intersection, with
ρ= 0 referring to the top crown point, ρ= 90◦ rep-
resenting the saddle point facing the observer, and
ρ= 270◦ designating the saddle point at the back of
the specimen.

2.2 Experimental set-up and loading procedure

The experimental set-up supports one end of the brace
with a pin and the other end with a roller, as shown in
Figure 2. The cyclic load applies on the top end of the
chord member via a detachable loading fixture.
The test procedure applies a constant-amplitude

load to the specimen until a fatigue crack initiates and
grows to 80% of the wall thickness near the bottom
of the brace-to-chord intersection. The experimen-
tal procedure then flips the specimen by 180◦ in the
x− y plane shown in Figure 2, and applies the second
series of constant-amplitude brace-in-plane bending
actions to the joint. The second fatigue test relocates
the fatigue cracks generated in the first test to the upper
side of the brace-to-chord intersection, which expe-
riences compressive stresses in the second test. The
second test terminates as the fatigue crack initiates
and propagates to about 80% of the wall thickness at
the bottom of the brace-to-chord intersection.
The constant amplitude loadinghas aminimum load

level of 25 kN and a maximum load level of 235 kN
with a frequency of 0.5Hz applied through a 200-ton
loading rig.
Prior to the cyclic tests, the instrumentation utilizes

the five-component strip-type strain gauges to mea-
sure the strain values perpendicular to the weld line
(Marshall et al., 2010) in the extrapolation zone, which
spans across a distance between 0.4t and 0.4t + 10mm
from the weld toe. During the cyclic tests, the experi-
mental procedure measures the weld-toe crack propa-
gation through an alternating current potential drop
(ACPD) approach. The post-sectioning divides the
brace-to-chord intersection region into 20–30 pieces
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Figure 3. Different post-weld grinding treatment on differ-
ent specimens.

and examines the occurrence of the root cracking in
both joint specimens through etching.
The materials of the specimens utilize the typi-

cal S355 steels with a measured Young’s modulus of
around 200 GPa and a Poisson’s ratio of 0.3. The mea-
sured material yield strength, from standard coupons,
equals 345MPa for the brace material and 360MPa
for the chord steel.

2.3 Post-weld treatment

The two specimens differ in the post-weld grinding
treatments, as illustrated in Figure 3. The first spec-
imen, namely J1, and its flipped configuration, J1-F,
do not undergo any post-weld grinding treatment. The
fabrication procedure, performed in an offshore fab-
rication yard, applies a surface grinding treatment to
the weld surface for the second specimen J1X. Before
the second test commences, the weld toe of the flipped
configuration, J1X-F, experiences burr-grinding with
a radius of 3mm.

3 FATIGUE LIFE ASSESSMENTS

3.1 Hot-spot stresses

The experimental hot-spot strains derive from a linear
extrapolation of the five measured strain components
by the strip gauge to the weld toe.The SCF values
calculates from the hot-spot strains (εhs) using,

Figure 4. Typical FE meshes used in computing the lin-
ear-elastic SCF values.

whereE denotes theYoung’smodulus of the steelmate-
rial (ARSEM, 1987). Correspondingly, the current
study performs a linear-elastic analysis to compute the
SCF values along the brace-to-chord intersection. Fig-
ure 4 illustrates a typical, half-symmetric FE model
used in computing the SCF values.
The extrapolation zone (0.4t to 1.4t away from the

weld toe) in the FE model has an element size of 0.2t,
where t refers to the thickness of the corresponding
member. The numerical SCF values extrapolate lin-
early from the linear-elastic nodal stresses computed
over the extrapolation zone. Figure 5 compares the
measured SCF values with the numerical SCFs along
the brace-to-chord intersection on the left brace rest-
ing on the pin support (see Figure 2) and on the left
side of the chord.
The FE model with a 3mm un-fused root face sim-

ulates two un-connected surfaces at the weld root in
the FE model. The presence of the un-fused root face
would allow opening of the root under remote ten-
sile stresses, except that it is typically held shut by
compressive residual stresses due to weld shrinkage
(Barsoum & Barsoum, 2009). This forces the stresses
to “flow” through the connected interface between the
weld and the chord in the FEmodel. In contrast, the FE
model without a root face simulates a continuous root
in the model. The presence of the un-fused root face
does not create strong variations in the SCF values at
the weld toe, as shown in Figure 5.
The SCF values for the grinded specimens J1X and

J1X-F do not indicate significant reductions compared
to the as-welded specimens without post-weld grind-
ing.The grinding treatment imposemore effects on the
localized notch stresses than on the hot-spot stresses.

3.2 Fatigue toe cracks

The experimental procedure utilizes a few techniques
to detect the initiation of the fatigue cracks including
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Figure 5. Comparison of the experimentally measured SCF
values with the numerical computations along the weld toe
for: (a) the left brace; and (b) the left side of the chord.

Table 1. Number of cycles at the first crack initiation and
the location of the initiated cracks.

Specimen Location of crack No. of cycles

J1 ρ≈ 245◦ on left chord 70,000
J1-F ρ≈ 235◦ on left chord 26,000
J1X ρ≈ 225◦ on left chord 175,000
J1X-F ρ≈ 225◦ on right chord 295,000

the eye inspection, dye penetrant, and strain moni-
toring near the potential hot-spot locations (Marshall
et al., 2010; Sasaki, 1995). For all cyclic tests, the
fatigue cracks initiate at the weld toe on the chord
member near the maximum hot-spot stress locations.
Table 1 compares the number of cycles at the initiation
of the first fatigue crack in different specimens and the
corresponding locations of these cracks.
The weld surface grinding performed on specimen

J1X enhances the fatigue life at the crack initiation by
a factor of about 2.5 compared to the crack initiation in
the specimen J1. The weld-toe burr grinding in J1X-F
reduces the local notch effect and removes the micro-
scopic flaws generated in previous cyclic loads, thus
postponing further the initiation of the fatigue crack.

Figure 6. Schematic stress distribution in the chordmaterial
near thewelds at: a) the end of the 1st compression load cycle;
and (b) the end of the unloading cycle.

The initiation of the fatigue crack in the flipped
specimen J1-F, however, occurs much earlier than that
in the specimen J1. The fatigue crack locations near
the bottom of the brace-to-chord intersection in the
specimen J1-F have experienced previously compres-
sive cyclic stresses in the first fatigue test on J1. Both
themaximummeasured notch stress andthemaximum
numerical notch stress in the immediate vicinity of
the weld toe exceed slightly the measured material
yield strength. This implies local plastic deformation
occurs in base materials near the weld toes.This cyclic
compressive stresses, however, create a tensile residual
stress field in the material, as illustrated schematically
in Figure 6.
Figure 6a shows the stress distribution near the

weld toe at the end of the first compression loading
cycle, where the remote load reaches the maximum
load level. A small volume of material at the weld toe
undergoes plastic deformation since the local stress
exceeds the material yield stress. As the remote load
decreases to zero at the end of the unloading cycle, the
plastically compressed material near the weld toe does
not recover the permanent plastic deformation. Elastic
recovery to its un-deformed configuration “pulls” the
permanently shortened material to introduce a tensile
residual stress in the immediate vicinity of the weld
toe, as shown in Figure 6b.
The localized fatigue tensile residual region gen-

erated in the first fatigue test in J1, acting together
with the tensile cyclic stresses in the cyclic test on the
flipped specimen J1-F, reduces the number of cycles
needed to initiate the first fatigue crack. Subsequent
crack propagation does not seem to be affected.
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Figure 7. Fatigue crack propagation recorded during the
experiment through ACPD.

Upon the initiation of the first fatigue crack, the
cyclic actions often evolve multiple fatigue crack ini-
tiations at the other hot-spot locations.The fatigue tests
stop as themaximumcrackdepth reaches about 80%of
the wall thickness. Figure 7 shows the typical propaga-
tion of the fatigue crack in the chord member recorded
during the test for J1-F. The crack-front profiles fol-
lows a similar shape as the crack propagates.The crack
growth exhibits an initial spread in the notch region, a
slower period than the near-threshold acceleration.

3.3 Fatigue life assessments

The fatigue life assessment for the toe fatigue cracks
compares the number of cycles recorded in the cur-
rent experimental investigationwith three types of S-N
curves in design codes, namely, the nominal stress S-N
curve inAWS (2010), the hot-spot stress S-N curve in
API RP 2A (2002), and the notch stress S-N curve in
IIW (Hobbacher, 2007).
Figure 8 compares the S-N curves and the fatigue

life at a crack depth equal to 80% of the wall thickness
for all four fatigue tests. The nominal stress (σnom)
shown in Figure 8 calculates from the maximum beam
bending stresses in the bracemember at the chord face.
The hot-spot stress (σhs) and notch stresses (σnotch)

in Figure 8 correspond to linear-elastic values com-
puted from FE models.
Despite the significant differences in the fatigue

life at crack initiation between the specimen J1 and
J1-F, the final fatigue lives corresponding to a deep
crack (a= 0.8t) for the specimens J1 and J1-Fagree
within 25%. The difference between the fatigues lives
for specimens J1X and J1X-F at a deep fatigue crack
(a= 0.8t) remains within 20%.
The fatigue lives of the specimens J1 and J1-F

exceed the estimation by the nominal stress S-N curve
(AWSDTcurve inFigure 8a) bymore than7 times, and
surpasses the prediction based on the hot-spot stress
S-N curve (API X in Figure 8a) bymore than 10 times.
The notch stress S-N curve (FAT225 in Figure 8a) is

Figure 8. Comparison of the S-N curves with the fatigue
test data for: (a) the un-grinded specimens J1 and J1-F; and
(b) the grinded specimens J1X and J1X-F.

less conservative because the FEM mesh (Fig. 4) is
coarser than the IIW 1-mm keyhole protocol.
The weld surface grinding enhances the fatigue

life of J1X at a= 0.8t by more than twice, while
the burr-grinding at the weld toe further improves
the fatigue resistance of the J1X-F specimen. The
prolonged cyclic actions in the specimens with weld-
surface grinding and weld-toe burr grinding exert
additional fatigue loading on the weld root, for which
all available post-weld mechanical treatment tech-
niques become impractical. Post-weld heat treatment
removes the favorable compressive residual stresses
at the root, and is detrimental (Barsoum&Barsoum,
2009).

4 ROOT FAILUREANDASSESSMENT

4.1 Post-test examination

Post-test sectioning cuts the material near the brace-
to-chord intersection into 20 to 30 pieces, as shown in
Figure 9a to examine the occurrence of the root cracks
in all specimens. An etching process applied to the
sectioned pieces allows detailed measurement of the
root crack size and orientations.
For the J1 specimen without any post-weld surface

treatment, root cracking does not initiate in any of
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Figure 9. (a) Post-test sectioning of the brace-to-chord
intersection region; and (b) root cracking in the specimen
J1X-F.

the sectioned piece. The sectioning on J1-F reveals
an uncritical, tiny root crack less than 2mm in a single
sectioned piece, located at ρ= 237◦ near the deepest
crack front at the weld toe in the chord.
The specimen J1X experiences weld surface grind-

ing, which enhances significantly the toe resistance to
the fatigue failure. However, the post-test sectioning
does not reveal any root crack in J1X.
With the further enhancement on the toe fatigue

resistance by burr grinding, two major root cracks
initiate and propagate near the bottom of the brace-
to-chord section on the left side of the chord member,
as exemplified in Figure 9b.The two root cracks spread
over 110◦<ρ< 180◦ and 220◦<ρ< 270◦. The maxi-
mum depth of the root crack occurs at ρ≈ 240◦, with
the crack depth equal to 15mm. All observed root
cracks penetrate into the chord wall in a direction
almost parallel to the radial direction of the chord,
responding by mode I to the shell bending stresses.

4.2 Root SCF

The direction of the root crack propagation indicates
that the stresses driving the initiation and growth of the
root crack remain perpendicular to the weld line, simi-
lar to the stresses driving the fatigue crack propagation
of the toe cracks. The current study, therefore, com-
putes the stress concentration factors at the weld root,
using the stresses perpendicular to the weld line in the

Figure 10. Extrapolation zone of the root SCF in theX-joint
models.

extrapolation zone shown in Figure 10. The extrapola-
tion zone, which contains five 20-node brick elements,
extends from 0.4t0 to 1.4t0 away from the tip of the un-
fused root face, where t0 denotes the wall thickness of
the chord member.
Figure 11a shows the linear extrapolation of the root

SCF value at a selected location ρ= 135◦. Figure 11b
compares the root SCF and toe SCF for the specimen
J1X-F along the brace-to-chord intersection. The cal-
culation of the toe SCF excludes the effect of local
geometry introduced by burr grinding. The maximum
root SCF remains about 10% lower than the maximum
toe SCF value.

4.3 Root crack propagation

Instrumenting the root crack initiation and propaga-
tion has remained as a challenging task in today’s
engineering laboratory. This current study attempts
to estimate the initiation of the root crack through
an alternative, post-test numerical approach, coupling
the linear-elastic stress-intensity factors with the Paris
fatigue crack propagation law.The numerical approach
utilizesmultiple FEmodels eachwith a detailed crack-
front mesh and a different crack depth to compute the
variation of the effective stress-intensity factor range
with respect to the crack depth. The Paris law allows
the calculation of the fatigue crack propagation life
based on,

whereC andm are material constants derived from the
fatigue test of the compact tension, C(T) specimens
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Figure 11. (a) Linear extrapolation of the root SCF values;
and (b) comparison of the root SCF and toe SCF along the
brace-to-chord intersection for the J1X-F specimen.

(Qian et al., 2011). This approach shows close agree-
ment in estimating the toe crack propagation history
for the weld-toe cracks in the PJP+ welded X-joint
specimens (Qian et al., 2011). The effective stress-
intensity factor includes the mixed-mode contribu-
tions of the crack driving forces. The current study
assumes an initial crack size of 0.5mm in calculating
the fatigue crack propagation life.
Figure 12 compares the propagation of the toe

cracks measured in the experiment and the root crack
propagation calculated from Eq. (2). The propagation
history of the toe crack on the right side of the chord is
not instrumented. Figure 12 indicates that the initiation
of the toe crack occurs much earlier than that of the
root crack, despite the post-weld surface grinding on
theweld surface and burr grinding on theweld toe. Fig-
ure 12 demonstrates that the root cracking remains less
critical compared to the deepest toe crack observed in
the same joint.

4.4 Assessment of root failure

Existing design guidelines have not yet provided any
S-N approach to assess the potential root failure in
tubular joints. The current study, therefore, utilizes
the S-N curve proposed by Hong (2010) for root

Figure 12. Comparison of the toe crack propagation and the
root crack propagation.

Figure 13. Comparison of the root S-N curve and the
experimental data for J1X-F.

fatigue failure in plate specimens fabricated using fil-
letwelds. Figure 13 compares the S-N curve developed
by Hong (2010) and the most critical root crack in
J1X-F revealed by the post-test sectioning. The S-N
curve shown in Figure 13 corresponds to the mean
minus twice the standard deviation curve reported by
Hong (2010). Compared to the hot-spot S-N curve for
weld toe fatigue failures (API X in Figure 8), the S-N
curve in Figure 13 allows a longer fatigue life for the
root fatigue failure if �σhs> 80MPa, while showing
a steeper slope than the API X S-N curve.

5 CONCLUSIONS

The experimental investigation on the PJP+weldedX-
joint specimens subjected to constant amplitude brace
in-plane bending actions indicates that toe failure dom-
inates the fatigue life of the specimens tested up to date.
Both the fatigue crack initiation and final crack size
for the weld-toe cracks demonstrate to be more critical
than those of the root cracks.
Root cracking hardly occurs in X-joint specimens

without post-weld treatment to enhance the fatigue
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resistance of the weld toes. However, root failure
becomes an important consideration when the post-
weld treatment enhances significantly the fatigue
resistance of the weld toes.
The fatigue lives of the tested specimens exceed

the fatigue life estimations by the three types of S-N
curves in the current design codes for toe failures. The
proposed S-N curve for root failures in fillet welds
accommodates a high allowable stress range, which
combines with lower stresses at the root, explaining
why root cracking is seldom a problem in simple as-
welded tubular connections.
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Fatigue behaviour of CFRP-strengthened thin-walled RHS-to-SHS
cross-beam connections
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ABSTRACT: Cross-beam connections are widely used in welded thin-walled structures made of rectangu-
lar or square hollow sections mainly due to the connection’s requiring less welding and no member cutting.
Re-welding or bolted splicing are not suitable for repairing or strengthening fatigue cracked cross-beam connec-
tions. In this research, a new method using Carbon Fibre Reinforced Polymer composites (CFRPs) is proposed.
Repair/strengthening are conducted for thin-walled RHS cross-beam connections at different levels of fatigue
damage before constant amplitude fatigue experiments are conducted again on the specimens. Fatigue test results
of unstrengthened intact connections are also presented for the purpose of comparison. The results show that
the proposed retrofitting method is effective in repairing/strengthening fatigue-damaged thin-walled cross-beam
connections when the connections are not severely cracked.

1 INTRODUCTION

Thin-walled steel rectangular hollow sections (RHS)
or square hollow sections (SHS) are widely used in the
road transportation industry and agriculture industry
in manufacturing chassis boxes, roof frames or base
frames of vehicles or equipment (Mashiri and Zhao
2005a). In many of these applications, welded cross-
beam connections are often used mainly because they
require less welding and no RHS or SHS member cut-
ting. As with other weld connections, fatigue failure
is a major concern to the cross-beam weld connec-
tions in tubular structures subjected to repeated or
cyclic loading. Re-welding is not suitable for repairing
or strengthening fatigue cracked cross-beam connec-
tions in tubular structures, which is mainly due to the
concerns about the quality of field weld and further
fatigue crack development from the welds. The con-
ventional method of strengthening or repairing fatigue
cracked welded details using bolted splicing plates is
not applicable either due to the small thickness of hol-
low sections and the usual corner (mostly re-entrant
corner) locations of fatigue cracks in these structures.
In this research, a method of repairing fatigue

cracked thin-walled cross-beam welded connections
by using carbon fibre reinforced polymer composites
(CFRPs) is investigated. CFRP composite materials
have advantages over traditional construction materi-
als such as high strength, ease and speed of application,
corrosion resistance, and ability to conform to irreg-
ular surfaces (Nadauld and Pantelides, 2007) and
have been successfully used in concrete and masonry

structures and are being increasingly used in steel
structures (Zhao and Zhang 2007). Jiao and Zhao
(2004), Haedir et al. (2009), Fawzia et al. (2007)
and Seica and Packer (2007) strengthened circular
hollow sections with CFRP sheets, while Fam et al.
(2006), Nadauld and Pantelides (2007), and Pantelides
et al. (2003) repaired aluminium overhead sign struc-
tures using CFRP or glass fibre reinforced polymer
(GFRP) sheets. Research has been conducted onCFRP
strengthening of cracked steel plates under fatigue
loading (e.g. Tavakkolizadeh and Saadatmanesh 2003,
Liu et al. 2009), limited research has been carried out
on strengthening welded connections to extend their
fatigue life (e.g. Nakamura et al. 2009).
As an extension of the research on the fatigue

behaviour of welded connections of thin-walled hol-
low sections conducted at Monash University, this
research was initiated to find a practical way of
repairing fatigue-cracked RHS-to-RHS cross-beam
connections with externally bonded CFRP sheets.
This paper describes the surface preparation of the
cross-beam connections, and the architecture and
application sequence of theCFRP composite and addi-
tional strengthening plates to retrofit the connection.
Repair/strengthening are conducted for thin-walled
(3mm thickness) RHS/SHS cross-beam connections
at different levels of fatigue damage, i.e., uncracked
(zero damage), lightly, intermediately and heavily
cracked connections before constant amplitude fatigue
experiments are conducted on the specimens again.
Experimental results of fatigue tests on unstrength-
ened intact connections are also presented for the
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purpose of comparison. The results show that the
proposed retrofitting method is effective in repair-
ing/strengthening fatigue-damaged thin-walled RHS
cross-beam connections when the connections are not
severely cracked.

2 TEST SPECIMENSAND FATIGUE TESTS

As shown in Figure 1, the cross beam specimens used
in this research are made of a RHS (75× 50× 3mm)
and a SHS (50× 50× 3mm). The specimens are of
the same dimensions and configuration as S1R1R1A
in Mashiri and Zhao (2005b). The RHS and SHS
in the specimen are also referred to as the top and
bottom members as well in this paper for conve-
nience. The specified minimum strength grades for
SHS and RHS sections are of C350LO and C450LO,
respectively. The minimum yield strengths are there-
fore 350MPa and 450MPa, respectively (Standards
Association Australia, 1991). The actual strength val-
ues obtained from coupon tests are greater than the
specified minimum values. Refer to Mashiri and Zhao
(2005b) for details of material properties. Fillet welds
made with gas metal arc welding are used to join the
RHS and SHS members (Mashiri and Zhao, 2005b).
A constant amplitude fatigue load with the stress

ratio of R= 0.1 is applied at the free end of the bot-
tom member to simulate the stress status of the weld
under cyclic loading, Figure 1. Under the cyclic load,
fatigue cracks initiate along the toe of the fillet weld
on the tensile face of the bottom member around the
corners before coalesce and break the whole tensile
face of the bottommember. In the meantime, the other
end of the cracks deviates from the weld toe on the
side faces of the bottom member and propagated into
the parent metal, as shown in Figure 1. In Mashiri and
Zhao (2005a), fatigue failure is defined as the status
when the whole crack length has reached a size equal
to the width of the bottom member, 50mm, plus twice
the size of weld leg length, and the number of load-
ing cycles at this time is taken as the final fatigue life.
These definitions of fatigue failure and fatigue life are
in agreement with those specified for T- and X-joints
made of SHS by vanWingerde (1992). In this study, in
order to investigate the effect of CFRP strengthening
at different stages of fatigue damage, strain gauges are
attachedon the side surfaces of the bottommember and
connected into the control circuit of the fatigue test-
ing machine to stop the test once the cracks have cut
the gauges, as shown in Figure 1.In each specimen, two
strain gauges are set up symmetrically on two side sur-
faces at the location of 1/4, 1/3 or 1/2 of the depth of the
bottom specimen (50mm) to define the low, medium
or high damage level. Two specimens are tested in
each case and subsequently repairedwith CFRP sheets
and steel plates as described in Section 3.It is worth
noting that the damage levels such defined may repre-
sent the stiffness loss of the specimen qualitatively, but
not its fatigue damage strictly. All these cases satisfy
the previous fatigue failure definition since the cracks

Figure 1. Schematic of test specimen (dimensions are in
mm).

Table 1. Fatigue test results of cross-beam specimens.

Nominal stress
Damage range at fillet N (kilo -

Specimen level weld (MPa) cycles)

L1 Low 147.6 411
L2 Low 147.6 1,994∗
M1 Medium 184.5 343
M2 Medium 184.5 397
H1 High 147.6 1,226
H2 High 147.6 980

∗Specimen L2 was tested with Rig 5, whole loading arm was
found with severe angle misalignment after the test.

have propagated far beyond the corner in each case.
Since the fatigue cracks propagates very fast beyond
the corner of the specimen, the difference in fatigue life
caused by further crack propagation among the above
cases is negligible. Another point to note is that, since
fatigue cracks do not initiate at two corners simulta-
neously in most cases and may not propagate at the
same rate, either, the fatigue test was terminated by a
crack reaching the strain gauge on one side surface of
the specimen in all cases.
The fatigue test results are listed in Table 1. The

nominal stress ranges listed are calculated with the
bending moment values at the fillet weld location.

3 REPAIR AND STRENGTHENING

3.1 Materials and surface preparation

Both high and normal modulus CFRP sheets are used
for the strengthening. The high modulus CFRP sheets
are used as main strengthening sheets and low mod-
ulus ones are used as secondary sheets to anchor the
main strengthening sheets. Both the high and normal
modulus CFRP sheets are of MBrace family, with the
properties as shown in Table 2. The adhesive used to
join the CFRP sheets is a two-part epoxy adhesive,
Araldite 420, which has a lap shear strength of 37MPa
(Fawzia et al. 2007).
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Table 2. Properties of MBrace CF530 and CF130 specified
by the manufacturer.

High Normal
modulus modulus

CFRP CF530 CF130

Fibre modulus (GPa) 640 240
Tensile strength (MPa) 2650 3800
Tensile elongation, ultimate 0.4% 1.55%
Thickness (mm) 0.19 0.176

The surface of the member is sandblasted and
cleaned with acetone over the bonding area before
applying CFRP. Such preparation creates a lightly
abraded surface which gives a better key to adhesives
than the original galvanized surface does.

3.2 Stop holes

In the tested cross-beam connections, fatigue cracks
initiating at the corner of the bottom member along
the weld toe on the tensile surface of the member coa-
lesce and break the tensile face of the bottommember,
while the other ends of the coalesced cracks deviate
from the weld toe and propagate in the side surfaces
of the bottommember (Figure 1).To deter or arrest the
crack propagation, stop holes of 5mm or so in diam-
eter were drilled at the ends of the crack after surface
preparation. Though big stop holes will help decrease
the stress concentration, a drill of 5mm in diameter
was used to minimize the reduction of cross section.
The photo of a stop hole drilled at the end of the crack
in a low damage specimen is shown in Figure 2.

3.3 CFRP application

The application ofCFRP is undertaken in the following
steps.

• Step 1: Six layers of CF530CFRP sheets are applied
over the tensile face of the bottom member across
the fatigue crack and over the top member. The
part on the bottom member is 100mm at each end
(Figure3a). Some details of the bonding procedures
are as follows. Following sandblasting and surface
cleaning, adhesive is applied uniformly on both the
specimen andCFRP sheet before attaching the sheet
to the specimen.A roller is then used to squeeze out
excess adhesives and maintain uniform thickness of
adhesive over the bond area. Special care is taken
to make the CFRP sheet closely bonded around the
weld toe in the corner region. For the application
of subsequent layers of CFRP sheets, adhesive is
applied on both the outside face of the attached
sheet and the inside face of the following layer of
sheet before attaching and rolling. The procedure is
repeated until the last layer of sheet is attached.

• Step 2: After 3 days’ curing of the CFRP sheets
applied in Step1, six layers of CF530 sheets are
wrapped over the other three surfaces of the bottom

Figure 2. Stop hole drilled at the end of fatigue crack.

member along the same length as covered by CFRP
sheets in Step1 to strengthen the webs of the bottom
member (Figure 3b). Six layers of CF530 are also
applied over the surface of the top member adjacent
to the crack (Figure 3b). The length of the sheets on
this surface is 250mmwhich ensures that the sheets
extend over the bottommember surfaces 100mm at
each end. In combination with the CFRP sheets to
be applied in the next step, the function of the sheets
on the topmember is to restrain the CFRP applied in
Step 1 and prevent early debonding from happening
on the surface of the top member.

• Step 3:After 3-day curing of Step 2 CFRP, a CF130
sheet of 100mm wide is wrapped around the top
member for 4 rounds at each side of the bottom
member to restrain the CFRP sheets applied over
the top member in Step 2 (Figure 3c). Care is taken
to make the wrapping sheet as close to the bottom
member as possible.

• Step 4: To restrain the CFRP sheets applied in Steps
1 and 2 and increase the stiffness of the repaired
specimen, an L-shaped steel plate is attached in
this step (Figure3d). The thickness of the plate is
3mm and the width is 40mm. The L-plate is cold
formed from a flat plate with a round corner of
10mm (inner radius) to conform to the geometry
of the corner of the specimen. A covering plate is
also used to hold the short leg of the L-plate onto
the CFRP-applied surface of the top member. As
with the surface treatment of previous specimens,
the surfaces of the strengthening steel plates are
sandblasted and cleaned with acetone before being
attached to CFRP sheets or to each other.

• Step 5: After 3-day’s curing, two CF130 sheets of
100mmwide are wrapped around the bottommem-
ber for 4 rounds to restrain the L-shaped plate and
the CFRP applied in Steps 1 and 2. Care is taken
to make the CFRP sheets as close to the surface of
the top member as possible (Figure 3e). Two CF130
sheets of 100mmwide are also wrapped around the
top member for 4 rounds to restrain the covering
plate (Figure 3e).
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Figure 3. Repair and strengthening steps.

4 FATIGUE TESTS ON STRENGTHENED
SPECIMENS

4.1 Setup of fatigue tests

The repaired specimens are tested with the same con-
stant amplitude fatigue loads as in the original tests.
Some of them are tested with the same test rigs as in

the original tests, as shown in Figure 4a. The bottom
member is mounted vertically in the rig with one end
connected to the loading arm and the other bolted to
the testing rig. The top member is also bolted to the rig
at both ends. Pressured air is used to apply cyclic load
to the free end of the bottom member, and the maxi-
mum and minimum loads are monitored by a load cell

348



Figure 4. Testing setup. a) pneumatic testing rig;
b) hydraulic testing rig.

exciter and can be controlled by adjusting the maxi-
mum and minimum air pressure valves, respectively.
A break detector is set in the control circuit to stop
the fatigue test automatically when the displacement
at the loading end of the bottom member (in vertical
position on the rig) reaches a preset limit. The dis-
placement at the loading end of the bottom member is
measured each time the experiment is inspected and
the number of loading cycles is recorded. However,
after connecting the strain gauges shown in Figure 1
into themachine control circuit for setting up the crack
length, the test is always terminated by the cutting of
the strain gauges.
In the later stage of the tests, a new test rig powered

by a hydraulic actuator (Figure 4b) is set up to increase
the loading frequency to 5 Hz. Both the maximum and
minimum loads and corresponding displacements at
the loading point aremonitored during the test, and test
is set to stop once the maximum displacement exceeds
the 10% of the normal value.
A point to note is that, due to the mass of the load-

ing arm in the new test rig, the stress ratio applied to
the test specimen may be slightly different from the

Table 3. Fatigue test results of strengthened specimens.

Nominal stress
Damage range at fillet N (kilo -

Specimen level weld (MPa) cycles)

L1 Low 147.6 5,042∗
L1 Low 147.6 2,520∗
M1 Medium 184.5 906
M2 Medium 184.5 1,543
H1 High 147.6 134
H2 High 147.6 114
N1 Zero 147.6 4,000∗

Note:∗Fatigue tests were terminated after a large number of
cycles without failure

Figure 5. Fatigue test results.

intended R= 0.1, which is different from the previ-
ous pneumatic rig in which the loading arm has no
influence on the applied loads. However, due to the
existence of high tensile residual stresses in the criti-
cal weld toe region where fatigue cracks develop, the
actual stress ratio in the crack region is much higher
(close to 1). In comparison, the influence of the rig
mass is negligible.

4.2 Test results

The results of completed tests are listed inTable 2, and
plotted in Figure 5 along with those before strength-
ening. An intact (zero-damage) specimen, designated
as N1 in Table 2, is also strengthened in the same way
as the other fatigue damaged specimens, and is sub-
sequently fatigue tested with the same fatigue load
as low and high damage specimens. This specimen
was manually stopped after 4 million cycles without
signs of failure or stiffness loss. The two low damage
specimens strengthened with CFRP and steel plates
were tested for 2.5 and 5 5 million cycles, respec-
tively, without showing any sign of bonding failure
or stiffness loss. The testing was also manually termi-
nated in both cases. The rest results were plotted with
arrows in Figure 5. The extended fatigue lives of the

349



two strengthenedmedium damage specimens (M1 and
M2) were significantly greater than their original lives
as well (2.6 and 3.9 times greater). In comparison, the
extended lives of two repaired high damage specimens
(H1 andH2) are very short. Based on these limited test
results, it can be said a significant extension of fatigue
life can be expected if the repair or strengthening is
undertaken when the specimens are still not severely
cracked.

5 CONCLUSIONS

A repair/strengthening method using CFRP and steel
plates is proposed for cross-beam weld connections of
thin-walled hollow sections, and repair/strengthening
is conducted for connection specimens fatigue cracked
at different damage levels.Available fatigue test results
on strengthened specimens indicate that the proposed
repair/strengthening method is effective in extending
the fatigue life of the connection when the fatigue
damage is not severe.
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Further experimental study on assessment of safety of beam-column
connections with weld defects from brittle fracture
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ABSTRACT: This paper concerns further experimental studies on the assessment of safety for brittle fracture
initiating from weld defects existing at the weld terminations. Welded plate bend models, which were designed
to represent a connection of an I-section beam to an RHS column member with through diaphragms, were
tested under cyclic loads. Through cracks or surface cracks, which were created by inserting aluminium plates
into the grooves before welding, were installed on both sides of weld terminations. The sizes of through cracks
were decided so that the brittle fracture would and would not occur, while the dimensions of the surface cracks
were decided so that the cross-sectional area of the surface crack agreed with that of the through crack. Test
results supported prediction; brittle fracture occurred from tips of defects. It was attempted to predict the fracture
moment. The predicted moments using J values which was taken into account plastic constraint of crack tips
roughly coincide with the test results.

1 INTRODUCTION

During the Kobe earthquake, brittle fractures occurred
frequently caused by cracks growing from the cor-
ner of cope holes or weld tab regions in the beam
bottom flange groove welds. Post-earthquake inspec-
tions showed that many of these fractures occurred
at or around beam flange groove welds starting from
various weld defects and from tips of ductile cracks
that grew from geometrical discontinuities. One of the
post-earthquake proposals is to use improved profiles
of cope holes (AIJ, 1996). These new details, however,
revealed other weld defects. Therefore it is important
that the influences of the weld defects on the integrity
of welded joints are assessed to determine a tolera-
ble flaw size in quantitative terms. This study place
emphasis on the assessment of susceptibility to brittle
fracture from weld defects.
Fracture toughness properties of numerically mod-

elled connections were evaluated by using modified
failure assessment diagram (FAD) approach, consid-
ering the effect of enhanced apparent toughness of
material due to the loss of crack tip constraint (Iwashita
et al. 2003). Previous testing of welded plate bend
models, which were designed to represent a connec-
tion of an I-section beam to an RHS column member
with through diaphragms, showed that the proposed
approach predict the brittle fracture precisely (Azuma
et al. 2008).

This paper concerns further experimental studies on
the assessment of safety for brittle fracture initiating
from weld defects existing at the weld terminations.
Welded plate bend models were tested under cyclic
loads in order to investigate the influence of position
and configuration ofweld defects.The specimenswere
fixed to a strong reaction frame with high strength
bolts through the diaphragm plate. The load was
applied to the end of the cantilever by a hydraulic ram
statically.
Complete joint penetration groove welds were used

or the connection between the beam flange and the
diaphragm. Specimens had those discontinuities at the
roots of welds to the beam bottom flanges, which were
created by inserting aluminium plates into the grooves
before welding.Through cracks or surface cracks were
installed on both sides of weld terminations. For the
specimens with through cracks, the plastic constraint
at the crack tips of the specimen was close to that of
the double edge notched tension (DENT) specimens.
The prediction of brittle fracture with a variety of

defect sizes by using the FE analysis was conducted.
The sizes of through cracks were decided so that the
brittle fracture would and would not occur, while the
dimensions of the surface cracks were decided so that
the cross-sectional area of the surface crack agreed
with the area of the through crack. Test results sup-
ported prediction; brittle fracture occurred from tips
of defects.
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2 NOMENCLATURE

b material constant
E Young’s modulus
E.L. elongation
J J-integral obtained by elastic-plastic

analysis
Jc critical J-integral of material obtained by

SENB testing

appJc apparent Jc
Je J-integral obtained by elastic analysis
Jef J-integral at the fracture point obtained

by elastic analysis
L length between loading point and the

edge of the diaphragm
M bending moment at the edge of the

diaphragm
Mmax maximum moment of the cantilever
Mp full plastic moment of the cantilever
Ts stress triaxiality
u1, u2, u3 horizontal displacement

VE(0) Charpy absorbed energy at 0 (◦C)
VEshelf shelf energy obtained from Charpy tests

VTE energy transition temperature
η cumulative deformation factor
ηs cumulative total plastic rotation factor
θ rotation of cantilever segment between

loading point and the edge of the
diaphragm

θp beam rotation atMp obtained from elas-
tic stiffness

σh hydrostatic stress
σeq von Mises’s equivalent stress
σu tensile strength obtained from coupon

tests
σy yield stress of unstressed steel
σ1-3 principal stress

3 CYCLIC TESTING OFWELDED PLATE
BEND MODELS

3.1 Specimens and loading procedures

Welded plate bend models, which were designed to
represent a connection of an I-section beam to an RHS
columnmemberwith through diaphragms, were tested
under cyclic loads. The specimens consisted of 25mm
thick flange plate, 32mm thick diaphragm and 16mm
thick rib plates. All plates were grade SN490B. Com-
plete joint penetration (CJP) groove welds were used
for the connection between the beam flange and the
diaphragm. Weld metal was produced by electrodes
designated as YGW-18. Stringer passes were used
for all welding and heat inputs during welding were
approximately 30 kJ/cm for each layer. The configura-
tion of the specimen is shown in Figure 1. Specimens
had those discontinuities at the roots of welds to the
beam bottom flanges, which were created by insert-
ing aluminium plates into the grooves before welding.
Five specimens, two with through cracks installed on
both sides of weld terminations, designated as FTC

Figure 1. Specimen configuration.

Figure 2. Locations of the defects.

specimens, and three with surface cracks installed on
the corner of both sides of weld terminations, desig-
nated as FSC specimens. For the FTC specimens, the
plastic constraint at the crack tips of the specimen was
close to that of the DENT specimens. The locations of
each defect are shown in Figure 2 and inserting con-
dition of aluminum plates are shown in Figure 3. The
defect sizes for FTC specimens were decided so that
the crack depthswere 4mmand 8mm,while the defect
sizes for FSC specimens were decided as same sec-
tional area of defects for FTC specimens. The defects
sizes of FSC-7 specimen were half size of FSC-14
specimen. The defect sizes are summarized in Table 1.
Cyclic loads in the horizontal directionwere applied

to the end of the cantilever by a hydraulic ram stat-
ically, while the specimens were fixed to a strong
reaction frame with high strength bolts through the
diaphragm plate. Figure 4 shows the position of load
application and the displacement measurements. The
bending moment M and the rotation angle θ of the
cantilever were calculated by the following equations,
respectively:

Cyclic loading consisted of a few cycles in the
elastic range and then cantilever rotations of θp, 2θp,
3θp, . . .with positive (tension) and negative (compres-
sion) displacement at each amplitude, until failure.The
full plastic momentMp was calculated usingmeasured
yield strengths ofmaterials.The rotations at full plastic
moment θp, namelyMp divided by the elastic stiffness
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Figure 3. Inserting condition of aluminium plates.

Table 1. Defect seizes (See Figure 2).

a b
mm mm

FTC-4 4 –
FTC-8 8 –
FSC-7 7 7
FSC-14 14 14
FSC-21 21 21

Figure 4. Positions of load application and displacement
measurements.

Table 2. Results of tensile coupon tests.

σy σu E.L. E
Location MPa MPa % GPa

Top flange 368.6 558.1 31.9 221.3
Bottom flange 336.3 549.3 31.8 215.8
Diaphragm 338.6 577.2 28.7 213.4
Rib plate 406.2 571.1 36.1 216.1

of the cantilever, were calculated. The elastic stiffness
was determined by using slopes at unloading portions
of hysteresis loops.

3.2 Material properties

Thematerial properties, in terms of engineering stress-
strain, were obtained by tensile coupon tests for the
flanges, diaphragms andrib plates, which are summa-
rized in Table 2.
The fracture toughness was obtained by Charpy

impact tests.Test pieceswere taken fromplateswelded

Table 3. Results of Charpy impact test.

VE(0) VEshelf VTre
J J ◦C

Top flange 81 195 6
Bottom flange 161 177 −33
Diaphragm 170 237 −20
HAZ 136 198 −15
DEPO 114 171 −12

Figure 5. Fracture surface of FSC-7 specimen.

Table 4. Strength magnification, deformation capacity and
depth of ductile cracks.

Mmax θmax d
Specimen kNm 10−2 rad. Mmax/Mp η+ η+

s mm

FTC-4 252.8 6.34 1.45 8.54 3.61 1.0
FTC-8 192.3 2.61 1.15 1.15 0.75 0.8
FSC-7 233.6 4.94 1.30 8.90 3.04 3.0
FSC-14 243.5 5.20 1.40 9.07 3.42 3.7
FSC-21 203.4 2.91 1.24 2.95 1.60 2.0

under the same welding conditions as those for the
specimens. The positions of notch roots were base
metal of flange plate, diaphragm plate, HAZ (heat
affected zone) and DEPO (deposited weld metal). Test
pieces were cooled to temperatures between −80◦C
and 60◦C by using dry ice and alcohol or hot water.
Three test pieces were tested at each temperature. The
results of Charpy impact test are shown in Table 3.
The energy transition curve was obtained by fitting
test results into the follow equation:

3.3 Deformation capacity and failure modes

All specimens sustained brittle fracture from the tips of
the ductile cracks. The specimen after failure is shown
in Figure 5. Ductile cracks initiated at tips of defects
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Figure 6. Hysteresis loops.

and extended stably.Table 4 summarized themaximum
moments with the corresponding rotations, strength
magnification,the cumulative plastic rotation factors
ηs and depth of ductile cracks of each specimen. ηs was
obtained from the skeleton curves for each specimen
(See Appendix A).
Figure 6 shows hysteresis loops for all specimens.

The moment is that at the edge of the diaphragm
and is non-dimensionalized by dividing it by the
full-plastic moment of the cantilever. The moment is
herein defined as the positive moment when the flange
plate is in tension.

Figure 7 showsmoment vs. rotation skeleton curves
for all specimens. Deformation capacities of FTC-
8 and FSC-21 were much lower than that of other
specimens. FSC-7 and FSC-14 showed almost same
capacities, although the defect size for FSC-14 was
twice the size of FSC-7.

3.4 FE analysis

A finite element analysis of the specimens was car-
ried out using the ABAQUS (2011) general-purpose
finite element package. The models were constructed
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Figure 7. Moment vs. rotation skeleton curves.

from 8-noded linear 3D elements. This element is
nonconforming and isoparametric and employs the
reduced integration technique with hourglass control.
The plasticity of the material was defined by the von
Mises yield criterion. The isoparametric hardening
law was used for this analysis. The ABAQUS pro-
gram requires the stress-strain data to be input in
the form of true stress and logarithmic strain, and
the stress-strain curves were transformed accordingly.
The material data in the analysis were calculated from
tensile coupon test results. Mesh models were gener-
ated for a half of the specimens because of symmetry
in configuration.
The incomplete penetration of defects was gen-

erated by the nodes in the discontinuities area on
the contact surfaces between the flange and the weld
metal. These surfaces were separated in each element
as double nodes. A monotonic load was applied to
the end of cantilever. The moment-rotation curves are
compared with the skeleton curves that were obtained
fromexperimental results for each specimen.The anal-
ysis results coincide well with the test results as seen
in Figure 8.
Figure 9 shows the contour plot of equivalent stress

around the defect when the deformation reached the
final failure stage in FSC specimen.The greatest stress
concentration was found at the tips of the defect.
Figure 10 shows the stress triaxiality, Ts, vs. J-

integral curve. The stress triaxiality, which is related
to plastic constraint, was defined using the following
equations:

Ts was taken as a peak value found below the blunted
crack tips in FE analysis models. Plotted marks on
each curve represent the fracture point. FE analysis
results for SENB (single edge notched bend) models
are also plotted in this figure for reference. The frac-
ture points show a tendency for J at fracture to be
large, while the stress tiaxiality is low, which is in con-
trast to with SENBmodels. For all specimen, the brittle

Figure 8. Moment vs. rotation skeleton curves obtained
from FE analysis (FST-14).

Figure 9. Contour plot of von Mises equivalent stress
around the defects.

Figure 10. Stress triaxiality vs. J-integral curve.

fracture occurred at final stage of the test. The devel-
opment of the J-integral is large as shown in Figure 10,
so that ductile cracks extended before fracture. Crack
growth increases the chance of sampling hard parti-
cles and may lead to brittle fracture even if the stress
triaxiality is low. It is therefore necessary to consider
crack growth to predict stress triaxiality and J-integral
more adequately.
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4 ASSESSMENT OFWELD DEFECTS

4.1 Assessment procedure

Fracture toughness properties of the simplified beam-
to-column connections specimens, which sustained
brittle fractures, were assessed by using a modified
FAD approach (Iwashita et al. 2003), which plastic
constraint is taken into account. The same approach
was applied to the numerically modeled defects to
evaluate the fracture toughness properties of tested
specimens.
BS 7910 gives guidance on fracture mechanics

basedmethod for assessing the acceptability of defects
in structures. Assessment is generally made by means
of a FAD based on the principles of fracture mechan-
ics. The defect is assessed by evaluating the fracture
and plastic collapse parameters and plotting the cor-
responding point on the FAD. The vertical axis of the
FAD is a ratio of the applied fracture toughness to
the required fracture toughness. The horizontal axis
is the ratio of the applied load to that required to
cause plastic collapse. An assessment lines is plot-
ted on the diagram. Calculations for a flaw provide
the co-ordinates of an assessment point. The location
of the point is compared with the assessment line to
determine the acceptability of the flaw.
The assessment procedures are given as follows:

1. Determination of assessment curve
2. Calculation of plastic collapse parameters (Lr)
using the ratio of moment

3. Calculation of fracture parameters (Kr) taking into
account the effect of plastic constraint

4.2 Prediction of brittle fracture

The assessment curve of Level 3C in the BS 7910
is applied to the FAD. Lr for the assessment curve is
calculated from the following equation:

Figure 11. J-integral vs. area curves for all models. Figure 12. J-integral vs. moment curves for all models.

Lr,max is determined using the following equation:

Kr is calculated from the following equation:

where J and Je are the values at same applied load and
obtain from FE analysis.

Kr and Lr at the fracture point of each specimen
were determined by using the following equations:

4.3 Plastic constraint effects

The fracture toughness of amaterial is frequentlymea-
sured by a three points bending test using SENB spec-
imens. SENB specimens may be subjected to much
greater plastic constraint at the crack tips as compared
with tips of surface cracks in wide plate specimens.
Therefore, critical fracture toughness for a wide plate
under tensile loads is possibly under-estimated.
The stress state at crack tips resembles that of a

notched bar with a volume of material surrounded by
a contour of a certain value of the maximum prin-
cipal stress, σ1. The volume for the specimen with
shallow notch is smaller than that for the specimen
with deep notch, even if the same J value is applied
to each specimen. This is an example of the fracture
toughness depending on the size and geometry of the
specimens.Anderson and Dodds (1991) proposed that
the probability of brittle fracture may be equal for two
specimens when the volumes are equal. The volume
could be replaced with the area. The area in this case
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Figure 13. Failure assessment diagram.

is the plane area at the crack tip surrounded by the con-
tour of a certain value of σ1. The maximum principal
stress is assumed as σ1 = 3σy.
Figure 11 shows J-integral vs. area curves for all

models.The vertical axis is the applied J-integralwhile
the horizontal axis is the area surrounded by a contour
of a certain value of σ1 at the crack tip. When the crit-
ical J value, Jc, is obtained from SENB testing of a
deeply notched specimen, the value of Jc can be cor-
rected by determining the J value at which the crack
tip area of the shallowly notched specimen equals that
of the deeply notched specimen at Jc. The corrected
Jc is called the apparent Jc,appJc. Notch toughness Jc
of base metal of specimens was99 N/mm, which was
obtained from SENB testing. appJc of each specimens
were summarized in Table 5.

4.4 Assessment

Following the procedures discussed in previous sec-
tions, the assessment of susceptibility to brittle frac-
ture was made for numerically modelled joints with
defects. Figure 13 shows the modified FAD plotting
the failure point that is obtained by using the appJc in
the calculation of Kr .
Plastic constraint at tips of defects of FTC spec-

imens was lower than that of FSC specimen, and
was much lower than SENB model. For the FTC-
4 specimen, appJc could not be obtained because the
area at crack tips surrounded by the contour of max-
imum principal stress did not reached that of the
SENB model, as shown in Figure 11. Therefore, it
was unlikely to have a brittle fracture starting from the
tips of defects, while test result showed the specimen
sustained brittle fracture.
For the rest specimens which appJc could be

obtained, the failure point of each specimen, except
for FSC-14 specimen, was plotted on the assessment

Table 5. Apparent Jc and maximum moment.

appJc Mmax Mpre

Specimen N/mm kNm kNm Mmax/Mpre

FTC-4 – 252.8 – –
FTC-8 151 192.3 206.3 0.93
FSC-7 132 233.6 212.2 1.10
FSC-14 141 243.5 202.4 1.20
FSC-21 136 203.4 196.6 1.03

curve.These results show that themodified FADusing

appJc could predict the risk of brittle fractures precisely.
For the FSC-14 specimen, the failure point was plot-
ted outside of assessment curve. This result shows that
brittle fractures would occur from the tips of the duc-
tile cracks when the ductile cracks grewmore.The test
result supported the prediction; ductile cracks grew
from the tips of defects under cyclic loading and the
specimen showed much larger deformation capacity.

4.5 Prediction of fracture moment

It was attempted to predict the fracture moment using
the apparent Jc. Figure 12 shows J-integral vs. moment
curves and Table 5 summarized Mmax, Mpre and the
ratio of Mmax and Mpre. The predicted Moments
roughly coincide with test results, except for FSC-14
specimen.

5 CONCLUSIONS

A modified fracture mechanics approach was exam-
ined on five welded plate bend models using apparent
Jc obtained by FE analyses. Deflection measurements
as well as FE analysis results showed that stress
sustained at the tips of the defects before cracks
extended significantly were about equal in magni-
tude irrespectively of the defect size. Plastic constraint,
crack growth and failure behaviour also same in each
series of specimen, varied slightly with the location of
defects. Note that ductile crack growth is ignored in
the calculations. Some difficulties found in the pro-
posed approach lies in how to evaluate the effect of
ductile crack growth. To appraise this approach, the
ductile tearing analysis had to be included into FAD
approach.

APPENDIXA

The skeleton curve constructed from moment versus
rotation hysteresis loops is defined here. To simplify
the following description hysteresis loops are assumed
to increase their rotation range incrementally with the
cycle as shown in Figure A1. When the load during
the 2nd cycle exceeds the peak load on the 1st cycle,
the exceeding portion of the loop during the 2nd cycle
is connected to the point at the peak load on the 1st
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Figure A1. Definition of skeleton curve.

Figure A2. Definition of cumulative plastic rotation factor.

cycle. The same process is repeated until the highest
moment is reached. The piece-wise continuous curve
thus constructed from hysteresis loops is called the
skeleton curve. The skeleton curves are drawn on both
positive and negative rotation sides.
The plastic component of rotation at the maximum

moment, non-dimensionalized by dividing it by θp,
is called the cumulative plastic rotation factor and is
denoted by η+

s (See FigureA2).The skeleton curve can
be constructed also from stress versus strain hysteresis
loops.
The skeleton curve for the elastic-plasticmaterial or

structure roughly coincides with the monotonic stress-
strain or load-deflection curve.
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ABSTRACT: Alternative type of nodal joints consisting of Circular Hollow Section (CHS) braces and Square
Hollow Section (SHS) chords (CHS-SHS joints)have increasingly been studied to understand strain distribution
and therefore Stress Concentration Factors (SCFs) at weld toes on the braces and chords for fatigue design in
structural systems subjected to cyclic loading. Experimental Strain Concentration Factors (SNCFs) for eight
CHS-SHS T-joints with unique non-dimensional parameters were determined in this research resulting in the
evaluation of SCFs for fatigue design. Using the ANSYS software, a three-dimensional Finite Element Model
(FEM) was then developed to simulate the stress distribution at the brace-chord welded interface under axial
force and in-plane bending in the brace.A parametric study was carried out to determine the SCFs for numerous
models with unique non-dimensional parameters. Graphs are drawn which can be used for the estimation of
SCFs in these joints.

1 INTRODUCTION

Tubular T- joints made up of circular hollow sec-
tion braces (CHS) and square hollow section (SHS)
chords (CHS-SHS T-joints) have the advantage that
they require less complex end preparation compared
to nodal T-joints made up of circular hollow sec-
tion (CHS) braces and circular hollow section (CHS)
chords (CHS-CHS T-joints). Since profiling of the
brace is not required in CHS-SHST-joints, this means
that the cost of fabrication and hence construction
of these joints is relatively lower. When compared to
nodalT-joints made up of square hollow section braces
(SHS) and square hollow section (SHS) chords (SHS-
SHS T-joints), CHS-SHS T-joints have been found to
have reduced stress concentrations at the brace-chord
welded interface (Bian and Kim 2003, Mashiri et al
2004, Tong et al 2006). This is mainly because of
the change of the brace from a square hollow section
in SHS-SHS T-joints to a circular hollow section in
CHS-SHS T-joints results in a reduction in stress con-
centration factors at the brace weld toes as well as the
chord weld toes.
Previous research by Bian and Kim (2003) and

Mashiri et al (2004) did not carry out any comprehen-
sive parametric studies for the determination of SCFs
that are required for fatigue design.
In this investigation, eight CHS-SHS T-joints

with unique non-dimensional parameters were strain
gauged for the determination of strain concentration

factors (SNCFs) and therefore SCFs. A three-
dimensional finite element model was then developed
using theANSYS software to simulate the stress distri-
bution at the brace-chord welded interface under axial
force and in-plane bending in the brace. Validation of
the model was carried out by comparing the SNCFs
determined from the experiment and those determined
from the finite element model. A parametric study
was carried out to determine the SCFs for numer-
ous models with unique non-dimensional parameters,
β (=d1/b0); 2γ (=b0/t0) and τ (=t1/t0). Graphs are
drawn which can be used for the estimation of SCFs
in these joints.

2 SPECIMENSAND MATERIAL PROPERTIES

Figure 1 shows the schematic diagram of a CHS-SHS
T-joint. The joints are made up of a CHS brace and
SHS chord. The CHS-SHS T-joints were tested under
two types of loading respectively: (1) Axial force in
the brace and (2) In-Plane Bending (IPB) in the brace.
Eight CHS-RHS T-joints were manufactured for

testing. The joints were manufactured using steel of
grade Q345B which complies with the Chinese Stan-
dards. Grade Q345B steel has a minimum specified
yield stress of 345MPa and a minimum specified
ultimate tensile strength of 470MPa. The joints were
welded using prequalified welding methods from the
AWS Code (2008). Full penetration welds were used
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Figure 1. Schematic diagram of CHS-SHS T-joint and
location of strain gauges.

Table 1. Test Specimens.

Non-Dimensional
SHS Chord CHS Brace Parameters

Joint b0 mm t0 mm d1 mm t1 mm β γ τ

T1 250 12 133 6 0.53 10.42 0.50
T2 250 12 133 4 0.53 10.42 0.33
T3 250 12 133 10 0.53 10.42 0.83
T4 250 10 133 5 0.53 12.50 0.50
T5 250 8 133 4 0.53 15.63 0.50
T6 200 10 133 5 0.67 10.00 0.50
T7 300 12 133 6 0.44 12.50 0.50
T8 200 12 180 8 0.90 8.33 0.67

in the manufacture of the welded CHS-SHS T-joint
specimens.
The eight specimens thatwere investigated are char-

acterized by the following non-dimensional parameter
ranges for β (=d1/b0), 2γ (=b0/t0) and τ (=t1/t0):
0.44 < β < 0.90

16.67 < 2γ < 31.25

0.33 < τ < 0.83

It can be seen from Table 1 that there are 3 differ-
ent connections series. In the first series, the non-
dimensional parameters β and γ are kept constant
while τ is changing, seeT1,T2 andT3 inTable 1. In the
second series, the non-dimensional parameters β and
τ are kept constant while γ is changing, seeT1,T4 and
T5 inTable 1. For the third series, the non-dimensional
parameters γ and τ are kept constant while β is chang-
ing, seeT4,T6 andT7 inTable 1, where the γ ofT6was
chosen close to γ of T4 and T7 because no SHS chord
with exactly the same γ and τ simultaneously as T4
and T7 could be found in the market. A specimen was
also chosen to investigate the influence of a particular
large value of β, see T8 in Table 1.

3 STRAIN CONCENTRATION FACTORS
(SNCFS) – AXIAL FORCE IN THE BRACE

Strain measurements in the CHS-SHS T-joints were
measured at the locations shown in Figure 1. Strip
strain gauges with four strain sensitive gauges were
used to measure the strain distributions close to the
weld toes. In both the brace and the chord, the strip
gauges were located at 0, 45, 60 and 90 degrees, the
locations indicated in Figure 1. The location of the
first strain gauge from the toes of the weld was based
on the current recommendations in CIDECT Design
Guide No. 8 (Zhao et al 2000) for the measurement of
strains used in the extrapolation for hot spot strains in
SHS joints. The first strain gauge should be located at
a distance 0.4t but not less than 4mm from the toe of
the weld.
The determination of SNCF was based on both

linear and quadratic extrapolation. The linear and
quadratic extrapolation methods were both used in
determining SNCF in order to determine the degree of
non-linearity along the different lines of measurement
along which SNCF was measured. The degree of non-
linearity can be seen through themagnitude of the ratio
of the SNCF determined through quadratic extrapo-
lation (SNCFquad) to the SNCF determined through
linear extrapolation (SNCFlin). The strain distribution
close to the weld toes, at the lines of measurements in
the brace can be considered to be significantly non-
linear compared to the strain distribution at weld toes
in themain chord for the load “axial force in the brace”.
The average ratio of the SNCFquad to SNCFlin ranges
from 104% to 165% in the brace. For the chord, a rel-
atively smaller average ratio of 101% to 116% was
found between SNCFquad and SNCFlin. The current
fatigue design guidelines such as CIDECT Design
Guide No. 8 (Zhao et al 2000) recommend the use
of the linear extrapolation method for CHS tubular
joints and the quadratic extrapolation for RHS tubu-
lar joints. It is therefore important that new research
on joints made up of a combination of CHS and RHS
investigates the suitable methods for extrapolation in
these joints. Based on the observations from this inves-
tigation, it is recommended that for CHS-SHST-joints,
the quadratic extrapolation should be adopted for the
determination of hot spot strain.

4 STRAIN CONCENTRATION FACTORS
(SNCFS)– IN PLANE BENDING
IN THE BRACE

For the load type “in-plane bending in the brace”, strain
measurements were also obtained in the CHS-SHS
T-joints at the locations shown in Figure 1. In both
the brace and the chord, the strip gauges were there-
fore located at 0, 45, 60 and 90 degrees, as shown in
Figure 1.
The SNCFs in the brace and the chord were also

based on both linear and quadratic extrapolation to
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determine the degree of non-linearity along the differ-
ent lines of measurement along which SNCFs were
measured. The strain distribution close to the weld
toes, at the lines of measurements in the brace can
also be considered to be significantly non-linear com-
pared to the strain distribution at weld toes in the
main chord for the load “in-plane bending in the
brace”. The average ratio of the SNCFquad to SNCFlin
ranges from 112% to 151% in the brace. For the
chord, a relatively smaller average ratio of 102% to
127% was found between SNCFquad and SNCFlin.
The stress distribution under in-plane bending there-
fore also shows that quadratic extrapolation should
be adopted for the accurate determination of hot
spot strain.

5 MAXIMUM SNCF – AXIALAND IN PLANE
BENDING IN THE BRACE

The typical results of the SNCFs for the load “Axial
force in the brace” are shown in Figure 2. It can be con-
cluded thatmaximumSNCFs are located at 90 degrees
in the brace and at 0 and 90 degrees in the chord for
all the tested specimens. Carrying out measurements
at these two locations should therefore be sufficient
to capture the maximum SNCF in CHS-SHS T-joints
under axial force in the brace.
Figure 3, on the other hand, shows the typical results

for the SNCFs for the load “In-plane bending in the
brace”. The results in Figure 3 shows that the maxi-
mum SNCF in the brace occurs at 2 locations, 0 and
60 degrees for all the tested specimens. The max-
imum SNCF in the chord occurs at either 0 or 45
degrees. It can however be observed that when the
maximum SNCF occurs at 45 degrees, it is of com-
parable magnitude to the maximum SNCF measured
at either location 0 or 60 degrees. When the maxi-
mum SNCF occurs at 45 degrees, the average ratio
of the maximum SNCF at 45 degrees to the maxi-
mum SNCF at either 0 or 60 degrees is 1.085 showing
that the magnitude of these SNCF is comparable. For
design purposes, it is therefore recommended that the
maximum SNCF in the chord should be reasonably
determined by measuring SNCF at 0 and 60 degrees.
This therefore enables the measurements in both the
brace and the chord to be measured at both 0 and 60
degrees in order to determine the maximum SNCF.
It is an important feature that 0 degree is not always
the location where the maximum SNCF occur for the
load “In-plane bending in the brace”. The SNCF at 60
degreemay also becomemaximum so that the location
must be paid attention to.
Using the above observations for the locations of

maximum SNCF in the brace and chord under both
axial force and in-plane bending in the brace, it can be
concluded that for CHS-SHST-joints, strain measure-
ments should be carried out at locations 0, 60 and 90
degrees in order to reasonably determine themaximum
SNCF in these joints.

Figure 2. Comparison of typical SNCF in CHS-SHS
T-joints under axial force in the brace between FEA and tests.

Figure 3. Comparison of typical SNCF in CHS-SHS
T-joints under in-plane bending in the brace between FEA
and tests.

6 FINITE ELEMENTANALYSIS OF CHS-SHS
T-JOINTS

Finite element analysis was used to model the CHS-
RHS T-joints in order to carry out a parametric study
of the effects of non-dimensional parameters on SCFs.
Eight joints with unique non-dimensional parameters
were modeled and analyzed under two types of loads,
axial force in the brace and in-plane bending in the
brace.TheANSYSSoftwarewas used (ANSYS2010).
The Solid 92 element was chosen for meshing. The
Solid 92 element is a 3D, 10 node tetrahedral structural
solid element. Its advantage is that it enables quadratic
displacement behavior (ANSYS 2010). It also enables
flexibility in modeling that is suitable for simulating
behavior in irregular shaped objects. For the CHS-
SHS joints, this flexibility is important in modeling
the brace, chord and weld interface. Elements were
chosen to have a size of 0.4t (t= thickness of brace
or chord) around the welded joint, in order to cap-
ture the stress distribution within the recommended
extrapolation region. The size of the mesh was gradu-
ally increased to as large as 1.5t away from the welded
interface. A modulus of elasticity of 2.05× 105 MPa
and a Poisson’s ratio of 0.3 was used for the steel tubes
andweldmetal.The length of the brace and chord used
in the model was the same as that in the welded speci-
mens.The length of the chordwas 6b0 and the length of
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the brace was 5d1. Only half of the specimenwasmod-
eled because of symmetry when considering in-plane
bending in the brace. The weld size used in the model-
ing of the specimens was an average of the weld size
in the tested specimens. A detail of the brace to chord
welded interface is shown in Figure 4(a). Extrapolation
for the determination of hot spot stresses was carried
out at the seven locations from 0 to 90 degrees with an
interval of 15 degrees, see Figure 4(b) which also cov-
ered the hot spot stresses at the locations determined
experimentally.

Figure 4. Finite element analysis: (a) Mesh of brace-chord
welded interface, (b) Locations of extrapolation for hot spot
stresses.

Figure 5. Comparison of SNCFs determined experimentally and those from FEA for CHS-SHS T-joints under axial force in
the brace.

Figure 2 shows a comparison of the SNCF deter-
mined experimentally and those determined from
the finite element models for the load “axial force
in the brace”. The comparison in Figure 2 shows that
the finite element models are able to capture not only
similar magnitudes in SNCFs but also similar trends in
SNCFat the different locations around the brace-chord
welded interface.Themodels adopted can therefore be
considered to be suitable for determining stress con-
centration factors in CHS-SHS T-joints under axial
force in the brace.
Figure 3, on the other hand, shows a comparison of

the SNCF determined experimentally and those deter-
mined from the finite element models for the load
“in-plane bending in the brace”. The comparison in
Figure 4 also shows that the finite element models are
also able to capture not only similar magnitudes in
SNCFs but also similar trends in SNCF at the differ-
ent locations around the brace-chord welded interface.
The models adopted can therefore also be considered
to be suitable for determining stress concentration fac-
tors inCHS-SHST-joints under in-plane bending in the
brace.
In the determination of a finite element suitable

for representing joints under fatigue loading, it is also
important that the finite element model should be able
to capture the maximum SCF in the joint. The max-
imum SCF in the joint is used in determining the
fatigue life of the joint. Figure 5 (a) and (b) show
the comparison of the SNCF in the brace and chord
respectively when the CHS-SHS T-joint is under axial
load in the brace. Figure 5(a) and (b) show that there
is a good correlation between the SNCF determined
experimentally and those determined by the finite ele-
ment models. More importantly, Figure 5(c) shows a
comparison of the maximum SNCF in the joints for
SNCFs determined experimentally and through finite
element analysis for the load “axial force in the brace”.
Figure 5(c) shows that the finite element models are
able to effectively capture the maximum SNCF in the
joints.
Figure 6(a) to (c) on the other hand shows the com-

parison of SNCFs when the CHS-RHS T-joints are
subjected to in-plane bending in the brace. Figure 6(a)
and (b) show that there is a good correlation between
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the SNCFdetermined by the finite elementmodels and
those determined experimentally for the load “in-plane
bending in the brace”. Figure 6(c) also shows that the
finite elementmodels are able to capture themaximum
SNCF in the CHS-SHS T-joints for the determination
of fatigue life. Figure 6(c) shows that there is a good
correlation between maximum SNCFs in the joints
determined experimentally and those determined from
finite element analysis.

7 PARAMETRICANALYSIS

Since the finite element models are able to capture
the SNCFs around the welded brace to chord interface
in CHS-SHS T-joints under both axial force and in-
plane bending in the brace, the models can therefore
be used in parametric studies to determine the influ-
ence of non-dimensional parameters on SNCFs and
therefore SCFs.
Finite element models were analyzed to deter-

mine the influence of the non-dimensional parameters,
β (=d1/b0); 2γ(=b0/t0) and τ(=t1/t0). These are the
non-dimensional parameters that have been also been
found to greatly influence the SCFs at the weld inter-
face of tubular joints (van Wingerde 1992). For the
CHS-SHS T-joints under axial force in the brace, 101
finite element models were analyzed to determine the
influence of the non-dimensional parametersβ, 2γ and
τ. The influence of β on SCFs in the brace and the
chord when 2γ and τ are kept constant is shown in
Figure 7 when the CHS-SHS T-joints are subjected to
axial force in the brace. The trends of SCFs against β
are plotted for the locations 0, 60 and 90 degrees in the
brace aswell as in the chord.These are locationswhich
can be used to determine the maximum SNCFs in both
the brace and the chord when CHS-SHS T-joints are
under axial load in the brace. Figure 7 shows that in
general, under axial force in the brace:

(a) For the brace, the magnitude of SCF increases as
the value of τ decreases, for a given value of β and
2γ .

(b) For the brace, the magnitude of SCF increases as
the value of 2γ increases, for a given value of β
and τ.

Figure 6. Comparison of SNCFs determined experimentally and those from FEA for CHS-SHS T-joints under In-Plane
Bending (IPB) in the brace.

On the other hand the SCFs in the chord can also
be seen to depend on the non-dimensional parameters
β, 2γ and τ. The magnitude of SCF almost increases
as the value of 2γ increases, for a given value of β
and τ. However, the influence of the non-dimensional
parameter τ on SCFs in chord is more complex for a
given value ofβ and 2γ , with trends changing fromone
location to another. This shows that the trends of SCFs
in CHS-SHS T-joints are complex and depended not
only on the non-dimensional parameters but also on
the relative location of the hot spot around the welded
brace-chord interface.
For the CHS-SHS T-joints under in-plane bend-

ing in the brace, 101 finite element models were
also analyzed to determine the influence of the non-
dimensional parameters β, 2γ and τ. The influence of
β on SCFs in the brace and the chord when 2γ and τ
are kept constant is shown in Figure 8, when the CHS-
SHS T-joints are subjected to in-plane bending in the
brace. The trends of SCFs against β are plotted for the
locations 0 and 60 degrees in the brace as well as in
the chord. These are locations which can be used to
determine the maximum SNCFs in both the brace and
the chord when CHS-SHS T-joints are under in-plane
bending in the brace. Figure 8 shows that in general,
for both the brace and the chord:

(a) The magnitude of SCF is influenced by the value
of τ, for a given value of β and 2γ .

(b) The magnitude of SCF increases as the value of
2γ increases, for a given value of β and τ.

Figure 8 also shows that the relationship between
SCF and the non-dimensional parameters, β; 2γ and τ
is also seen to be influenced by the location of the hot
spot along the welded brace-chord interface.

8 CONCLUSIONS

Recent research on fatigue of welded nodal joints
has focused on non-traditional joints such as CHS-
SHS T-joints. A review of existing research shows
that there are no graphs or parametric equations for
determining SCFs for CHS-SHS T-joints. The focus
of this paper is to determine graphs that can be
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Figure 7. Influence of β on SCFs when 2γ and τ are kept constant for axial force in the brace.

used for the determination of SCFs in CHS-SHS T-
joints subjected to axial and in-plane bending in the
brace. In this paper, an experimental investigation was
used to determine SNCFs in a series of CHS-SHS T-
joints with unique non-dimensional parameters. This
was followed by the development of a 3D model to
simulate the stress distribution at weld toes in the
CHS-SHST-joints.Validation of themodelwas carried
out through comparison of strain distribution at weld

toes in the model to those determined experimentally.
The calibrated finite element models were used in a
parametric study to determine SCFs for a variety of
non-dimensional parameters β, 2γ and τ values.The
following conclusions were made:

(1) The strain distributions at the weld toes in the
CHS-SHS T-joints were found to be non-linear
in both the brace and the chord. The ratio of the
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Figure 8. Influence of β on SCFs when 2γ and τ are kept constant for in-plane bending in the brace.

SNCF determined through quadratic extrapola-
tion and that determined through linear extrap-
olation showed that the strain distribution at weld
toes in the bracewas significantly non-linear com-
pared to the strain distribution at weld toes in
the chord. Based on this observation, quadratic
extrapolation can be recommended for the deter-
mination of SCFs at weld toes in CHS-SHS
T-joints.

(2) Under the load axial load in the brace, maximum
SNCFs were found to occur at 90 degrees in the
brace and at 0 and 90 degrees in the chord for all
the tested specimens.

(3) Under in-plane bending in the brace, maximum
SNCFs in the brace were found to occur at either 0
or 60 degrees. The maximum SNCFs in the chord
under in-plane bending in the brace were found to
occur at either 0 or 45 degrees. When the maxi-
mum SNCF occurred at 45 degrees, its magnitude
was found to be comparable to the SNCF at either
0 or 60 degrees. The SNCF at 90 degrees in the
brace and the chord under in-plane bending were
found to be negligible and could be taken as equal
to zero.

(4) Three-dimensional finite element models devel-
oped using theANSYS Software were found to be
able to capture both the SNCF distribution around
the welded brace-chord interface as well as pre-
dicting the maximum SNCF at the weld toes in
the brace and chord.

(5) The 3D FEM were used to determine SCFs for a
variety of non-dimensional parameters resulting
in the development of graphs that can be used in
the determination of SCFs for fatigue design of
CHS-SHST-joints subjected to axial and in-plane
bending in the brace.
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tubular members under axial tension
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ABSTRACT: In this paper, an experimental study on the behaviour of slotted end tubular member tension
connections in stainless steel is presented. The failure of slotted end tension connections is mostly governed
by fracture near the slotted end where local peak stress concentrations develop due to shear lag. Within the
connected region, shear lag causes the unconnected peripheral region of the hollow section to lag behind the
welded region in resisting the axial tensile forces. Experiments were conducted on slotted and gusset plate welded
tubular member connections in stainless steel. Both circular and box section members were considered in the test
program. 20 specimens were tested under concentrically applied axial tensile forces for varying tube-to-gusset
plate weld lengths. Load-deformation curves were obtained and comparisons were made in terms of strength
and ductility. The results obtained from the study were then critically examined and compared with currently
available design guidance for slotted gusset plate welded tubular end connections. It is noted that no specific
rules exist in international specifications on structural stainless steel which cover the design of such connections.
Therefore, the results of this study are compared with the existing design rules for carbon steel.

1 INTRODUCTION

Theuse of stainless steel in structuralmembers of load-
bearing systems has mostly been limited mainly due
to cost considerations. These members have gener-
ally been preferred and used as secondary members
in building structures with generally low structural
capacity demand. Architectural concerns played an
influential role in their preference and hence in real-
life exampleswehave seen stainless steelmembers e.g.
as load-carrying members of a building facade i.e. as
exposed steel. On the other hand, the use of stainless
steel in the main load-bearing elements of structural
systems, e.g. building frames,may bring advantages in
terms of issue regarding sustainability. Stainless steel
with its favorable properties such as improved corro-
sion and fire resistance may provide possibilities for
a more efficient balance between whole-life costs and
in-service performance (Di Sarno et al. 2003). Com-
bined with these advantages, its favorable strength
and ductility properties would make stainless steel a
material of choice in structural applications.
Relatively high initial cost of stainless steel is one

burden for its structural use.To achieve a safe and eco-
nomic design it is necessary to investigate themechan-
ical response of structural components, connections
and the overall system, thus leading to efficient design
(Di Sarno et al. 2003).With this respect, research stud-
ies on structural stainless steel (Aoki H., 2000, Burgan

et al., 2000, Johansson et al. 2000, Khoki et al., 2000)
has mostly covered issues that focus on more suitable
design of structural stainless steel members and their
connections.
The present paper aims to contribute to the above

need for structural research for stainless steel and
focuses on the specific subject of the behavior of slot-
ted and gusset plate welded connections in stainless
steel tubular members. Tubular members are among
the most preferred member types used in structural
stainless steel applications due to both their struc-
tural efficiency and attractive appearance.Hence using
tubularmembers in stainless steel has been an architec-
tural preference inmanypractical applications.Among
the various alternatives of making a steel tubular con-
nection, slotted and gusset plate welded connections
is one way.As shown in Figure 1 the end connection is
made by slotting the tube longitudinally, inserting the
gusset plate and then placing longitudinal fillet welds
at the tube-to-plate interface.
The research presented in this paper has stud-

ied the behaviour and design of such connections
of stainless steel circular and square hollow section
(CHS/SHS) members under static axial tensile load-
ing. Experimentswere conducted on slotted and gusset
plate welded tubular member connections in stain-
less steel. Both circular and box section members
were considered in the test program. 20 specimens
were tested under concentrically applied axial tensile
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Figure 1. Schematic view for the gusset platewelded slotted
end connections for box and circular section members.

forces for varying tube-to-gusset plate weld lengths.
Load-deformations curves were obtained and compar-
isons were made in terms of strength and ductility.
The results obtained from the study were then criti-
cally examined and compared with currently available
design guidance for slotted gusset plate welded tubu-
lar end connections. It is noted that no specific rules
exist in international specifications on structural stain-
less steel which cover the design of such connections.
Therefore, the results of this study are compared with
the existing design rules for carbon steel.

2 EXPERIMENTAL STUDY

2.1 Description of the experiments and specimens

The study focuses on the behavior of slotted end
stainless steel tubular member connections subject
to concentric axial loading. As stated earlier tests
were carried out on 20 stainless steel CHS and SHS
members with slotted gusset plate welded end con-
nections. Figure 2 shows photographs of two typical
test specimens. Two parameters that were considered
as variables in the test program were the fillet weld
length Lw and the end condition of the welded gus-
set plate inside the slot being welded or non-welded
around the end face of the gusset plate. These end
conditions are shown in Figure 3. The welded end is
denoted as RW (return weld) and the non-welded end
is denoted as NW (no return weld).
As shown in the photographs given in Figures 2

and 3 rigid gusset plates with 15mm plate thick-
ness were welded into the slots at both ends of the
specimen. Tensile load was applied via these plates
which were gripped inside the grip locations within
the universal test machine with a total capacity of
50 tons. Loading was applied in the direction of the
longitudinal axis of the member as concentric axial
tensile load and specimen longitudinal elongation was
monitored and recorded by using two displacement
transducers attached to the sides of the specimen.

Figure 2. View of the tested specimens in CHS and SHS.

Figure 3. View of the slot end conditions.

Table 1. Dimensional properties of the test specimens.

Specimen w (mm) x (mm) Lw/D . . . /(w)

C-L30-RW 104.54 24.22 0.39
C-L45-RW 104.54 24.22 0.59
C-L60-RW 104.54 24.22 0.79
C-L76-RW 104.54 24.22 1.00
C-L105-RW 104.54 24.22 1.38
C-L30-NW 104.54 24.22 0.39
C-L45-NW 104.54 24.22 0.59
C-L60-NW 104.54 24.22 0.79
C-L76-NW 104.54 24.22 1.00
C-L105-NW 104.54 24.22 1.38
S-L30-RW 122.42 26.25 0.43
S-L45-RW 122.42 26.25 0.64
S-L60-RW 122.42 26.25 0.86
S-L70-RW 122.42 26.25 1.00
S-L105-RW 122.42 26.25 1.50
S-L30-NW 122.42 26.25 0.43
S-L45-NW 122.42 26.25 0.64
S-L60-NW 122.42 26.25 0.86
S-L70-NW 122.42 26.25 1.00
S-L105-NW 122.42 26.25 1.50

Specimen dimensions are reported in Table 1. In
the specimen reference, C stands for Circular and L
defines the length of weld. x/Lw, Lw/w and Lw/D
ratios are all called weld length ratios used in the
design calculations as described above. Five differ-
ent weld lengths were considered starting from 30mm
up to 105mm. For each cross-section type (CHS and
SHS) 5 specimen were without a return weld (NW)
and the other 5 with a return weld (RW) at the slot-
ted end. For CHS sections a constant diameter of
D= 76.1mm and thickness of t = 2.0mm was used
for all the specimens tested whereas the SHS sec-
tions were all 70mm× 70mm square sections with
wall plate thickness of t = 2.0mm.
Table 1 presents the dimensional properties for the

20 specimens tested in the test program. Note that
the notations are described in Figure 1. Within the
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Figure 4. Stress-strain curves for the tensile test coupons.

specimen designation the C stands for Circular and S
for Square. The following, e.g. L60-RW corresponds
to a longitudinal weld length of 60mm with a Return
Weld at the end.Aconstantweld thickness of 6mmwas
considered in the production of the test specimens.

2.2 Material property tests

Tensile tests were carried out on three tensile test
coupons cut out from randomly selected tube mem-
bers to determine the material property of the stainless
steel used. A rounded material behavior is observed
with no well-defined yield point (Figure 4). An aver-
age yield stress of 450MPa (0.2% proof stress) and
an average ultimate tensile stress level of 550MPa
was achieved which were used for the strength estima-
tions for the testedmembers using the above explained
design rules.

3 TEST RESULTS

Experiments were carried out as described above
for the 20 different specimens with varying design
strength values. The three possible failure modes that
would be expected for the members with slotted end
connections are yielding of the member gross cross
section, block tear out of material close to the weld
region and shear lag failure with fracture of the effec-
tive net cross section around the periphery of the
member. Of these failure types, all the specimens in
the test program failed by peripheral fracture (CF) due
to shear lag. Figure 5 shows typical connection fail-
ures for a CHS and SHS section connection. A nearly
perfect peripheral fracture of thewhole circular/square
hollow cross section occurred with crack propagating
around the member periphery.
Figure 6 shows close-up views of the failed speci-

mens around the slotted end region both for “Return
Weld (RW)” and “No Return Weld (NW)” cases. In
both cases fracture initiated at the slotted end region
due to high stress concentrations. For the NW cases,
crack initiation was relatively easier in comparison to
the RW (return weld) cases where the tensile load was

Figure 5. Typical failure mode observed in the test speci-
mens.

Figure 6. Failure types for ReturnWeld (RW) andNo-return
Weld (NW) cases.

Figure 7. Close up view of a failed return weld region.

at some point high enough to initiate a crack with the
return weld material (photo on the left).
A close-up view of a failed return weld region in the

connection is shown in Figure 7. A nearly 45◦ shear
failure plane is observed to have taken place within
the weld material with associated indications of the
energy spent to cause the weld failure.
Peripheral fracture due to shear lag was observed

for all the specimens including the lowest and high-
est values of weld lengths (Figure 8). It is noted here
that the welds were intentionally over-designed to sup-
press weld failure before the expected possible failure
modes such as cross-section yielding, block shear or
peripheral shear lag failure.
Figures 9 and 10 present the load displacement

response curves for the NW and RW cases for both
SHS and CHS sections, respectively. In general the
behavior of the RW and the NW specimens are similar
with close initial stiffness values and a rounded over-
all load-displacement response. However, for the RW
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Figure 8. Shear lag failure observed in specimens with
different weld lengths.

Figure 9. Load-displacement curves for the ‘With Return
Weld (RW) and No-return weld (NW)’ specimens for Square
Hollow Sections.

cases for all the 5 specimens a sudden drop in strength
is observed right after the maximum load is achieved
whereas for the NW specimens a smooth transition is
noted. This observation is valid for both square and
circular section specimens. For all the RW specimens
the maximum load levels after which a sudden drop
is observed correspond to load levels at which crack
initiation was observed to occur during the tests within
the return weld material. In other words, as soon as the
return weld cracked a sudden drop in load occurred.
On the other hand for the “No return weld” specimens,
load was not as sensitive to the crack initiation which
started directly on the CHS member material near the
slotted end – gusset plate juncture where there is no
return weld. With this respect, a more ductile behav-
ior is observed for the specimens with their slotted
ends un-welded to the gusset plate. In general the RW
specimens reached higher ultimate loads than the NW
specimens but apparently at higher elongation levels.

Figure 10. Load-displacement curves for the ‘With Return
Weld (RW) andNo-returnweld (NW)’specimens for Circular
Hollow Sections.

4 DESIGN CONSIDERATIONS

The resistance of a steel tensionmember is given as the
minimum of the resistance in yielding of the gross sec-
tion area (Pn =Fy .Ag) and the resistance in fracture
of an effective net section area (Ae) within the connec-
tion region (Pn =Fu .Ae). The effective area is used to
determine the efficiency of the connection under the
effects of shear lag and calculated by using a shear
lag reduction coefficient, U . Design rules related to
failure of slotted end tension connections with welded
gusset plates can be found in three major international
specifications on steel structures namely the Ameri-
can AISC 360 (2005), the Canadian CAN/CSA-S16
(2001) and the European EN1993-1-8 (2005). Design
methods adopted in these specifications are shown in
Table 1 and Table 2 for shear lag and block shear ten-
sile fracture failures respectively. Note that in EC3Part
1.8 there are no design provisions for shear lag effect
for such connections in hollow sections. In this design
guide, rules for shear lag effect is given only for bolted
connections for angles connected by one leg and other
unsymmetrically connected tension members. Com-
paring the approaches adopted in these codes it is noted
that for block shear failure the three codes present
similar resistance equations. Nominal resistances pre-
dicted by these codes are equal (a slightly different
value predicted by EC3 in which shear yield coeffi-

cient is taken as the theoretical 1/
√
3 value) but the

design resistance values differ due to different resis-
tance factors adopted in each code. However, it should
be noted that in the block shear design equation of
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Table 2. Design provisions for shear lag in hollow sections
with slotted end connection with single welded concentric
gusset plate.

Validity
Specification Shear lag coefficient, U range

AISC (2005) U = 1− x
/
Lw Lw ≥D

for 1.3D> Lw ≥D
U = 1 for Lw ≥ 1.3D
(CHS only)

CSA (2001) U = 1 for Lw
/
w≥ 2.0 N.A

U = 0.5+ 0.25Lw
/
w

for 2.0> Lw
/
w≥ 1.0

U = 0.75Lw
/
w for Lw

/
w< 1.0

CSA (2001), the multiplication of two factors (0.85
and 0.90) equals 0.765 which is very close to the resis-
tance factor used in the design equationofAISC (2005)
which is 0.75. On the other hand, the resistance fac-
tor adopted in EN1993-1-8 (2005) is 1/1.25 which
is again equal to a close value of 0.80. As for shear
lag effect two general approaches are adopted.As pre-
sented inTable 1, shear lag coefficient,U , is calculated
as a function of the ratio of the eccentricity of the con-
nection (x) to the weld length (Lw) in the American
specification whereas in the Canadian specification
U is a function of the ratio of the weld length (Lw)
to peripheral distance between the welds (w). In both
specifications the adverse effect of shear lag decreases
asweld lengthLw increases. In theAmerican specifica-
tion shear lag factor U is taken as unity for Lw ≥ 1.3D
and in the Canadian specification this limiting value
is given as Lw ≥ 2.0w or assuming w=π.(D/

2) this
value becomes Lw ≥ 1.57D. Therefore a more conser-
vative limit is adopted in the Canadian specification.
For weld lengths smaller than the smallest specified
limits for shear lag i.e. Lw < 1.0D in AISC (2005) and
Lw < 1.0w in CSA (2001) specifications , the collapse
behaviour tends to be governed by a block shear type
of failure. In between these upper and lower limits
design equations are given for the calculation of shear
lag coefficient, U .
The design of structural stainless steelmembers and

connections are covered in Eurocode 3 – Design of
steel structures – Part 1–4: General rules – Supple-
mentary rules for stainless steels (EN 1993-1-4: 2006)
and the American ASCE Specification for the Design
of Cold-Formed Stainless Steel Structural Members,
SEI/ASCE (2002). In both specifications, no spe-
cific rules exist which cover the design of slotted end
tension connections with welded gusset plate.
In an attempt to find out how well the current

design rules for such connections in carbon steel
apply to stainless steel cases Table 3 was prepared.
Table 3 presents code estimations for the test spec-
imens and compares the minimum of the estimated
values (NDesign) calculated for various failure modes
and using different codes with the test maximum
strength values, NTest . Note that the code values are

Table 3. Comparison of test failure strengths with code
predicted nominal resistance values for carbon steel.

Specimen Ndesign(kN ) Ntest(kN )

Ntest

Ndesign

C-L30-RW 55,12 160.00 2,90
C-L45-RW 82,69 188.00 2,27
C-L60-RW 110,25 220.00 2,00
C-L76-RW 139,65 246.00 1,76
C-L105-RW 192,17 256.00 1,33
C-L30-NW 48,01 105.00 2,19
C-L45-NW 72,02 138.00 1,92
C-L60-NW 96,02 165.00 1,72
C-L76-NW 121,63 196.00 1,61
C-L105-NW 167,37 210.00 1,25
S-L30-RW 54,29 147.2 2,71
S-L45-RW 81,44 188.4 2,31
S-L60-RW 108,59 225.6 2,08
S-L70-RW 126,69 274.7 2,17
S-L105-RW 190,03 321.8 1,69
S-L30-NW 48, 23 121.6 2,52
S-L45-NW 72,34 149.1 2,06
S-L60-NW 96,46 192.3 1,99
S-L70-NW 112,54 251.1 2,23
S-L105-NW 168,80 288.4 1,71

all nominal values i.e. partial safety factors were set
to unity. Also note that these values were calculated
using the material property values given earlier in the
paper.
Among the design estimations (see Table 2), the

Canadian CSA shear lag fracture strength estimations
(NCSA) are themost conservative. It also covers a wider
range ofweld lengthswhereas theAISC does not cover
smallerweld lengths as also explained above inTable 2.
One important finding here is that these values are all
for peripheral shear lag fracture and hence also well
represents the failure type observed for the specimens
as peripheral fracture.
It is observed that both test and design strength val-

ues increase with increasing longitudinal weld lwngth.
Comparing the test maximum strengths (NTest) with
the above defined code minimum values (NDesign) it is
observed that the code values are all very conservative.
Maximum test strengths are the peak load levels on the
load-displacement curves given above in Figures 9 and
10. In Table 3 also note that for higher weld lengths
both for RW and NW cases there is a decreasing level
of conservatism which seems to be more pronounced
for the CHS specimens.
Using the data given in Table 3, Figures 11 and

12, present comparisons of experimental ultimate
loads (NTest) with minimum code strength predictions
(NDesign) both for RW and NW cases on a “connec-
tion strength”-versus-“weld length ratio” plots. For
CHS models the weld length ratio was taken as Lw/D
whereas for SHS models Lw/w was used. It is easier
on these plots to see that the test maximum strengths
are in general higher than the design estimations.
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Figure 11. Comparison of experimental ultimate loads with
minimum code strength predictions (CHS sections).

Figure 12. Comparison of experimental ultimate loads with
minimum code strength predictions (SHS sections).

Figure 13. Typical excessive deformation observed at max-
imum load level.

4.1 Deformation limit to prevent excessive
distortion

As evidenced by the load-displacement response
curves and visual observations made on the speci-
mens, all the slotted gusset plate connections achieved
theirmaximumstrength after high deformationswhich
create excessive distortions in the geometry of the con-
nection (Figure 13). In order to prevent this impractical
behaviour a servicability limit should be applied in
design. For example a limit on the distortion of the

Figure 14. Comparison of experimental ultimate loads at
a distortion level of %3 of diameter (D) (=2.28mm) with
minimum code strength predictions (CHS sections).

Figure 15. Comparison of experimental ultimate loads at
distortion level of %3 of side B (=2.10mm) with minimum
code strength predictions (SHS sections)

tube cross-section could be imposed to limit the “ulti-
mate capacity” of these connections. A limit of 3%
of the CHS diameter (D) has been popularly recom-
mended for tubular structures (Lu et al. (1994)) and
now adopted by the International Institute ofWelding.
This limit has been adopted and applied in this study
(also for SHS members as 3% of side width B) for the
connection test strengths and the plots given in Fig-
ures 11 and 12 updated accordingly. Updated plots are
presented below in Figures 14 and 15. It is observed
that if decreased values of test strengths are assumed
as described, the test connection strengths get closer
to the design estimations.
However, the design estimations for all the spec-

imens are still conservative with differences up to
design estimations being half that of the test strengths.

5 CONCLUSIONS

In this paper, shear lag induced failure of slotted end
tension connections is investigated for circular and
square hollow section members in stainless steel. An
experimental program was carried out on 20 slotted
gusset plate welded stainless steel circular and square
member end connections. Two parameters that were
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considered as variables in the test programwere the fil-
let weld length Lw and the end condition of the welded
gusset plate inside the slot being welded or non-
welded. All the specimens in the test program failed
by peripheral fracture due to shear lag with fracture
initiating at the slotted end region due to high stress
concentrations both for slot end welded (RW) and
un-welded (NW) cases. Load-displacement response
curves for the specimenswere plotted and comparisons
were made between the RW and NW cases for vary-
ing longitudinal weld lengths. For all RW specimens a
sudden drop in strength is observed right after themax-
imum load is achieved whereas for the NW specimens
a smoother transition is noted.With this respect, amore
ductile behavior is observed for the specimens with
their slotted ends un-welded to the gusset plate. In gen-
eral the RW specimens reached higher ultimate loads
than the NW specimens but at higher elongation lev-
els. The maximum strength results obtained from the
test program were compared with currently available
design guidance for slotted gusset plate welded tubu-
lar end connections. It is noted that no specific rules
exist in international specifications on structural stain-
less steel which cover the design of such connections.
Therefore, the results of this study were compared
with the design rules for carbon steel. The design
estimation for a typical specimen is calculated as the
minimum of the strength estimations for three distinct
failure modes namely, gross-section yielding, block-
shear rupture and peripheral shear leg failure. For the
design estimations a high level of conservatism was
observed for all the specimens when compared with
the test peak strength values. It is also noted that for
higher weld lengths both for RW and NW cases there
is a decreasing level of conservatism which seems to
be more pronounced for the CHS specimens. Apply-
ing a servicability limit to prevent excessive distortion
of cross-sections resulted in decrease in test strengths
but although the test connection strengths get closer
to the design estimations in general, the test strengths
are higher than the design estimations. Therefore, this
research has provided evidence for the need for pos-
sible adjustments in the current design formulations
for carbon steel if they will be applied to the design of
slotted gusset plate welded CHS/SHS connections in
stainless steel.
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Numerical modelling of prestressed stayed stainless steel columns
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ABSTRACT: Slender steel columns generally have their load bearing capacity mainly controlled by the global
structural buckling ultimate limit state. These structural members can be optimized with the use of a prestressed
stay system. They become very efficient structural solutions for various challenging civil engineering problems.
The use of the prestressed system reduces the column buckling length to at least half of its original size and
substantially improves its load bearing capacity. This motivated a series of numerical tests executed in 12 meters
prestressed stayed stainless steel columns. The aim of this paper is therefore to present a numerical model
developed to predict the structural response of these stainless steel stayed systems.

1 INTRODUCTION

Stainless steel have been used in various types of
constructions due to its main characteristics asso-
ciated to high corrosion resistance, durability, fire
resistance, ease of maintenance, appearance and aes-
thetics (Gardner & Baddoo 2006). The development
of the construction process and, the new tenden-
cies adopted in the architecture design conception,
highlighted the need for materials that can combine
versatilitywith durability.Therefore, the stainless steel
present itself as a promising material for construc-
tions that require these characteristics, mainly related
to high corrosion strength avoiding the need for short
period maintenance.
Stainless steel is indicated as a structural element

in construction for numerous reasons. Its high duc-
tility allows its use in structures subjected to cyclic
loadings, enabling the dissipation of the energy associ-
ated to these loads, through load redistributions before
the structural collapse. The cost reduction achieved
with the less need for structure maintenance, and the
increase in its capacity to dissipate impact loads, also
enhanced the stainless steel structure reliability.
The use of sophisticated computational models that

simulate real structural behaviour enable the adoption
of advanced structural designmethods that can provide
more accurate, trustworthy and reliable results, thus
reducing the final construction costs. An example of
these design trends was the Rock in Rio III main stage
roof (Andrade et al. 2003a & 2003b), assembly and
erection, where the complexity, number of structural
members and construction time-scheduling restric-
tions were a constant challenge for the engineering
team (Fig. 1).

Figure 1. Real structure being erected with prestressed
carbon steel stayed column (Andrade et al. 2003a & 2003b).

The adopted structural solution for shoring themain
stage roof with 82 meter span and 36 meter height
during construction stages has reduced the column
buckling length, at least, to half of its original size,
increasing its load bearing resistance. This was due to
the additional restriction provided by the tie forces that
are transferred to the main columns by means of hor-
izontal tubes, perpendicularly welded to the column
midpoint. This ingenious and simple structural system
allows the adoption of extremely slender columns by
the construction industry.
The main objective of the investigation was to

access and evaluate the theoretical response of these
prestressed steel columns by means of full-scale labo-
ratory tests and calibrated finite element simulations.
The proposed new horizontal test layout required the
development of a carefully planned load application
systemand associated instrumentation.This test layout
was conceived aiming to minimize secondary effect
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influence over test results, i.e., column self-weight
and the rotation restriction provided by the supports.
Another contribution of the investigations was the
development of an innovative measuring device con-
figuration used for measuring the column tie forces
along the test.

2 STAYED STEEL COLUMNS BACKGROUND

Civil engineers and architects widely used stayed sys-
tems over the years in steel construction (Andrade et al.
2003a&2003b,Voevodin 1970,Belennya1977,Hafez
et al. 1982, Wong & Temple 1979, Chan et al. 2002
and Servitova &Machacek (2011) mainly due to their
lightness, malleability, resistance and for its aestheti-
cally attractive configuration.Various stayed structural
systems can be identified in footbridges, bridges, ship
mast, slender columns and even structures used in
space.
Steel members are widely employed as tension-

resisting structures, but on the other hand when
columns have ties welded to them, even quite slender
steel columns could present a substantial load bearing
capacity. The main objective of the ties is to reduce
the column buckling length creating lighter struc-
tures with reduced cross-section. Despite these facts
designers should have in mind that adequate column
tie pre-stress force can increase the structural sys-
tem capacity.Alternatively, excessive pre-stress forces
can lead to structures not achieving its optimum load
bearing capacity.
Pre-stressed steel structural systems are not new

and have been studied since 1970 byVoevodin (1970),
Belenya (1977), Hafez et al. (1982), Wong & Temple
(1979), Chan et al. (2002) and Servitova & Machacek
(2011).These studies improved such systems andwere
treated as the basis of the present study.
The system functionality is achieved by applying

a pre-stress force on one of the tie extremities that
passes by one or more braced points of the main col-
umn. These points in the investigated stayed system
layout are defined by four tubular cross disposed bars,
figure 1, or, in other configurations, by three steel bars
disposed with a 120◦ angle arrangement.

3 EXPERIMENTAL PROGRAM

3.1 Prestressed stayed carbon steel columns

The first numerical model presented in this work was
calibrated with experimental results from tests per-
formed by Araujo et al. (2008) for prestressed stayed
carbon steel columns.
Figures 2 and 3 illustrate the pre-stressed column,

made of a twelve meter central tubular column and
four 600mm length smaller tubular cross bars. The
main columns and cross bars were made of tubes with
an external diameter of 89.3mm (3.2mm thick) and

Figure 2. Experimental layout – carbon steel column
(Araujo et al. 2008).

Figure 3. Stayed carbon steel columns layout and dimen-
sions (Araujo et al. 2008).

42.6mm (3mm thick), respectively, while the ties used
6.35mm diameter cables.
The steel column main tube mechanical properties

were determined by four coupons tested according
to the American Standard STM E8 (1993) leading
to yield and rupture mean stress values equal to
403.8MPa and 465.3MPa with standard deviations of
29.3MPa and 4.9MPa.
The cables used in the ties were anchored by hooks

at the column ends and were also locked by three
cable clamps adopted according the supplier specifi-
cations (CIMAF 2000). After the pre-stress operation
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the cables were also locked at the pre-stressed column
midpoint to ensure the bracing effect.
A loading frame was conceived and designed to

apply a direct load to the column. This was due
to the fact that a twelve meter length vertical test
created substantial difficulties in erection and posi-
tioning the measuring devices. Two equal loading
frames were fabricated, for each column end, and were
subsequently anchored to the lab reaction slab.
Restrictions in geometry, tested elements flexibility

and the adopted test dimensions significantly compli-
cated the test instrumentation. This phase was one
of the major contributions of the investigation and
still is, as far as the authors know, the first full-
scale three-dimensional test made on these structural
systems.
The main column and secondary cross bars strains

were measured by sixteen linear strain gauges. Ten
displacement transducers (LVDT’s) were used along
the column length and loading frames. The additional
difficulty of measuring lateral displacements in circu-
lar tubes was surpassed by the use of small flat plates
positioned at theLVDT’s ends.Themidpointmain tube
lateral displacements could not be directly measured
due to the presence of the secondary tubes implying
that this displacement valuewas obtainedwith LVDT’s
positioned 200mm apart from this particular point.
The visual monitoring and displacement control

of the investigated structure was made with addi-
tional dial gauges devices.This proved to be extremely
valuable due to the system non-linear response, espe-
cially near collapse, to avoid unnecessary risks to lab
personnel and equipment.
The column applied load and stays force acquiring

systemused twoadjacent load cells.The firstmeasured
the total load applied by the hydraulic jack while the
stay forces were measured by an additional load cell
positioned between one of the column ends and a steel
plate where the cable were anchored.
Difficulties related to effects like the structure

self-weight, the rotation restriction provided by the
supporting points and the lack of space for position-
ing a second universal hinge were found during the
column assembly process.
Due to the columnsdimensions and the adoptedhor-

izontal test layout, the self-weight induced an exces-
sive 115mm deflection, at centre span, surpassing the
maximum limiting values prescribed by the Brazilian
Standard (NBR8800 2009) and Eurocode 3 (2005).
The first strategy to compensate this effect was made
by increasing the pre-stress force on the lower stays.
Unfortunately, this strategy unbalanced the adopted
stay forces and created and eccentricity at the load
application point due to the universal hinge rotation
located at the column ends. The solution to the prob-
lem consisted on using an extra steel cable anchored
to a reaction frame supporting the column at its centre.
Naturally, this solution can affect some of the

possible column buckling modes but, as it will be
subsequently seen in the numerical simulation results
comparisons with the experimental data and it did not

Figure 4. Stayed stainless steel columns layout and
dimensions. Servitova & Machacek (2011).

affected the controlling buckling mode. The simula-
tions also indicated that the use of this extra cable
did not affect the global system ultimate limit state.
Temporary supports were also used to shore the col-
umn until a certain minimum load was applied to the
structural system. A partial rotation restriction was
noticed at the column supports due to the use of these
temporary “G-type” clamps.

3.2 Prestressed stayed stainless steel columns

The prestressed stainless steel stayed column was
tested in Central Laboratory of CTU in Prague by
Servitova&Machacek (2011) – see Figure 4.This col-
umn was made of a stainless steel 1.40301 with 5m
long tube with a 50mm diameter and 2mm thickness.
The cross bars at the columnmidpoint were made with
four tubes with a 0.25m length and 1.5mm thickness.
The ties used 4mm diameter Macalloy cables.
During the tests, the deflections were measured at

seven points in two perpendicular directions by the
potentiometers fixed to the experimental frame. The
cables tensile forces were measured by strain gauges.
The initial column shape/imperfection and its deflec-
tion during the test were measured by 3D scanning.
No information about the magnitude of the experi-
mental imperfections was provided in the reference
(Servitova & Machacek, 2011).
Three tests were performed and loaded in vertical

position as showed before in the Figure 4. One of
the tests was loaded without cables. The other tests
were prestressed before the application of the subse-
quent compression loading. Three levels of prestress
forces were considered: 3.9 kN, 4.54 kN and 5.44 kN
per cable. The column was hinge supported ensuring
free rotation in all directions.
The maximum column compression load without

cables reached 7.04 kN,while for prestressed columns,
the maximum loads were 17.75 kN, 14.93 kN and
16.23 kN, respectively, for the three different prestress
force levels described previously. During the second
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Figure 5. Finite element BEAM188 – CTUBE (Ansys 12.1
2009).

test the ultimate strength was reduced due the pres-
ence of a column inclination caused by a large initial
imperfection.

4 NUMERICAL MODELLING

A finite element computational model was devel-
oped adopting the usual mesh refinement techniques
present in the adopted finite element softwareANSYS
12.1 (2009). The main tubular column and secondary
cross bars were modelled by BEAM188 elements with
subtype CTUBE while the ties were simulated with
LINK180 elements (specified with a tension only
option) having three degree of freedom per node:
translations in the nodal x, y, and z directions. Both
elements specifications can be observed in the Fig-
ure 5. Material (bi-linear) and geometrical non-linear
analysis were performed to model the stayed columns
experiments. In the prestressed carbon steel stayed
column, an 8mm amplitude sinusoidal initial imper-
fection was introduced in the numerical model to be
compatible with the measured test imperfections. For
the prestressed stainless steel stayed column, a num-
ber of imperfections levels were tested since the actual
test value was not informed, Servitova & Machacek
(2011).
Two different materials were used in the first anal-

ysis (carbon steel column). The first, used in the
main column and secondary cross bars, possessed
a 205000MPa Young’s modulus, a 20500MPa tan-
gential modulus, a 0.3 Poisson ratio and a 380 MPa
specified yield stress. The second, used in the tie
cables, possessed a 100000MPa Young’s modulus, a
10000MPa tangentialmodulus, a 0.3 Poisson ratio and
a 750MPa specified yield stress.
For the second column (stainless steel), the real

stress versus real strain relationship was used consid-
ering a 204000MPaYoung’s modulus and a 290MPa
yield stress.
The prestressed steel column model was divided in

three parts: the central tubular column, the secondary
cross bars and the tie cables. Elements with 10mm
length were used in the central column and in the
secondary cross bars, Figure 6. These arrangements
resulted in a 10% slope angle for the column ties, each
modelled by a single element. An extensive paramet-
ric study was performed for the prestressed stainless

Figure 6. Stayed steel column numerical model.

Figure 7. Load versus lateral displacement – carbon steel
column.

steel stayed column, to be presented in a subsequent
section of this paper.It was performed and focused on
the evaluation of initial imperfection amplitude (1mm,
10mm, 15mm, 20mm, 25mm and 30mm) and stay
prestress force level.
All the numerical analyses were made in simply

supported configurations. These boundary conditions
can be observed in the Figure 6.

5 NUMERICAL RESULTS

The first numericalmodel analysedwas the prestressed
carbon steel stayed column tested in laboratory by
Araújo et al. (2008). In this test, for a pretension load
of 3.0 kN per cable, the maximum load reached was
33.07 kN. In the numerical simulation, the maximum
loadwas 32.53 kN showing a good agreement between
the test and numerical values as can be observed in the
Figure 7. This first model was used only to calibrate
the numerical model since the main objective of this
paper was to model the global response of prestressed
stainless steel stayed columns.
The three columns tested by Servitova &Machacek

(2011) were simulated. The results for the first pre-
tension level of 3.90 kN per cable are presented in
Figure 8. This figure depicts the load versus lateral
displacement curves for all the investigated initial
imperfection amplitudes.
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Figure 8. Load versus lateral displacement – stainless steel
column – pretension load= 3.90 kN.

Figure 9. Load versus lateral displacement – stainless steel
column – pretension load= 4.54 kN.

An inspection of Figure 8 indicates that the numeri-
cal results associatedwith a 30mm initial imperfection
amplitude reached the closest agreement with the
experiments. This imperfection level corresponds to
a value of L/167, greater than the maximum imperfec-
tion (L/500 i.e. 10mm) value specified in theBrazilian
standard (NBR8800 2009). Using this value the ulti-
mate numerical load was equal to 23.61 kN, approxi-
mately 20% higher than the experiments ultimate load
of 17.75 kN.
The second adopted prestress force was equal to

4.54 kN per cable. The results are presented in the Fig-
ure 9. At this point it is important to quote again the
observations made by Servitova andMachacek (2011)
regarding the fact this particular test ultimate load was
lower than the others tests. This was due the presence
of a column inclination caused by a larger initial imper-
fection magnitude. Due to this fact, only a qualitative
comment will be presented. As expected, increasing
the initial imperfection value in the numerical models,
the maximum loads applied to the column decrease as
can be observed in the Figure 9.

Figure 10. Load versus lateral displacement – stainless steel
column – pretension load= 5.44 kN.

Figure 11. Load versus initial imperfection evaluation –
stainless steel column – pretension load= 3.90 kN.

Figure 10 presents the numerical load versus lateral
displacements curves obtained for the third test con-
sidering a prestress force magnitude of 5.44 kN. Once
again, the optimumnumericalmodel ultimate loadwas
obtained for an initial imperfection of 30mm. One
more time using themaximum imperfection amplitude
specified in the Brazilian standard (equal to 10mm),
the corresponding ultimate numerical load was 21.9,
35% higher than the experiments ultimate load of
16.23 kN.

6 FINAL REMARKS

Figure 11 illustrates the maximum load variation
according to different values of initial imperfec-
tions.This was made for the column with a prestress
force equal to 3.90 kN per cable in terms of its ulti-
mate load versus adopted imperfection amplitude. For
this particular prestress force magnitude, the stainless
steel stayed system optimum load was reached in the
experiments.As can be also observed in Figure 11, the
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Figure 12. Load versus prestress load – stainless steel
column – two imperfection values.

best performance of the numerical model was reached
with a 30mm initial imperfection amplitude.
Finally, Figure 12 presents curves showing the peak

load variation according to the prestress load magni-
tude per cable. As can be observed in this figure, the
best result was obtained considering a prestress load
of approximately 4.0 kN being in agreement with the
experimental results.
This paper presented a numerical investigation of

the structural response of prestressed stayed stainless
steel columns. Initial imperfection amplitudes and pre-
stress forcemagnitudeswere investigatedproving to be
key factors for the optimumperformance of the studied
structural system. The results were calibrated against
experiments to validate the proposed numerical model
and led to accurate and consistent findings.Thepresent
investigation will continue with the adoption of a two
half sinusoidal initial imperfection model, different
column lengths and other stainless steel grades like
the duplex and the ferritic.
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Experimental studies on recycled aggregate concrete filled stainless steel
tube stub columns

Y.F.Yang, G.L. Ma & J. Wang
School of Civil Engineering, Dalian University of Technology, P.R. China

ABSTRACT: The concentrically compressive behaviour of Recycled Aggregate Concrete (RAC) Filled
Stainless Steel Tube (RACFSST) stub columns was experimentally studied, and a total of 14 composite speci-
mens were tested. The experiments were carried out on circular and square specimens with recycled aggregate
replacement ratio of 0, 25%, 50% and 75%, and both recycled coarse aggregates and recycled fine aggregates
were used in the tests. The main objectives of the tests were threefold: first, to describe a series of tests on
RACFSST stub columns; second, to evaluate the effects of cross-section type and recycled aggregate replace-
ment ratio on the behaviour of RACFSST stub columns; and finally, to predict the load versus deformation
relation of RACFSST stub columns by a Finite ElementAnalysis (FEA) model. The test results indicated that the
RACFSST stub columns subjected to concentric compression had the stable load versus deformation response,
and the compressive behaviour of RACFSST stub columns were significantly affected by the recycled aggregate
replacement ratio. Moreover, the predicted load versus deformation relation of RACFSST stub columns was
generally agreed well with the tested results.

1 INTRODUCTION

Recycled aggregate concrete (RAC) filled stainless
steel tube (RACFSST) is a new kind of compos-
ite structures, and the durability of the structures
with RACFSST can be improved greatly. Similar to
RAC filled carbon steel tube (Yang & Han 2006),
RACFSST also makes the RAC to be in a state of
protection with the outer stainless steel tube, and the
compositemembers are less likely to be affected by the
harmful environmental factors (e.g.water, temperature
and winds). Furthermore, RACFSST can broaden the
application field of stainless steel, and at the same time
the stability of stainless steel tube can be increased by
the core RAC.
To investigate the possibility of using RAC in com-

posite structures, the studies on RAC filled carbon
steel tube members have recently been carried out
by several researchers (Yang 2010). In recent years,
the behaviour and design method of concrete filled
stainless steel tube (CFSST) have become the inter-
ests of several researchers, and the performance of
CFSST columns with circular and square (with or
without inner stiffness rib) sections has been theoret-
ically and experimentally studied, as summarized and
presented inUy et al. (2011). Furthermore, Dai&Lam
(2010) presented the test results of the axial compres-
sive behaviour of stub concrete-filled columns with
elliptical stainless steel, and the finite element method
developed based on ABAQUS was adopted to carry
out the theoretical modelling. The tests on axially

loaded concrete-filled stainless steel elliptical hollow
sections were carried out by Lam et al. (2010) and
the simplified equations for such composite sections
were also proposed.Tao et al. (2011) developed a three-
dimensional nonlinear finite element (FE) model for
the analysis of square CFSST stub columns under
axial compression. Feng &Young (2008, 2009) exper-
imentally investigated the behaviour of concrete filled
stainless steel tubular T- and X-joints. To date, there
is no information for the behaviour of RACFSST
members.
The present study is an attempt to experimen-

tally study the behaviour of RACFSST stub columns,
and the test results of concentrically loaded four-
teen specimens, including seven circular columns
and seven square columns, are presented. Both recy-
cled coarse aggregate and recycled fine aggregate
were adopted in the tests, and the recycled aggre-
gate replacement ratio varied from 0 to 75%. The
results showed that the performance of RACFSST stub
columnswasmainly determinedby the recycled aggre-
gate replacement ratio. The accuracy of the predicted
ultimate strength of RACFSST stub columns by using
the design codes of AIJ (1997), ANSI/AISC 360-05
(2005), DB21/T1746-2009 (2009) and EC4 (2004)
was evaluated. Finally, the load versus strain relation
of the tested specimens was predicted using a finite
element analysis (FEA) model developed based on
ABAQUS software (ABAQUS 2007), and in general
the predicted results agreed well with the measured
results.
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Table 1. Information of the tested specimens.

Specimen fcu Esc Nue
No. labels D× t (mm) r (MPa) (N/mm2) (kN)

1 C0 120× 1.77 0 63.4 40828 823.2
2 Cc1 120× 1.77 25% 59.7 38351 813.8
3 Cc2 120× 1.77 50% 57.3 36888 802.2
4 Cc3 120× 1.77 75% 56.9 34867 774.3
5 Cf1 120× 1.77 25% 58.6 37019 806.7
6 Cf2 120× 1.77 50% 56.2 35373 768.4
7 Cf3 120× 1.77 75% 55.3 33861 777.2

1 S0 120× 1.77 0 63.4 34709 923.4
2 Sc1 120× 1.77 25% 59.7 32093 871.5
3 Sc2 120× 1.77 50% 57.3 30077 848.5
4 Sc3 120× 1.77 75% 56.9 28446 830.0
5 Sf1 120× 1.77 25% 58.6 31404 857.1
6 Sf2 120× 1.77 50% 56.2 29100 826.9
7 Sf3 120× 1.77 75% 55.3 26351 831.1

2 EXPERIMENTAL PROGRAMME

2.1 Specimens

Fourteen specimens, including twelve RACFSST stub
columns and two reference normal CFSST specimens,
were tested in present study. The parameters consid-
ered in the tests were: 1) steel tube section: circular and
square, and 2) recycled aggregate replacement ratio r:
0 (CFSST), 25%, 50% and 75%. Both recycled coarse
aggregate (RCA) and recycled fine aggregate (RFA)
were adopted in the tests, and r was defined as the
ratio of RCA or RFA mass to the mass of all coarse
aggregate or fine aggregate, respectively. Each recy-
cled aggregate concrete (RAC) had only one type of
recycled aggregate. For all specimens, the stainless
steel plate was selected to manufacture the tubes by
machining and welding. The information of the tested
specimens is listed in Table 1, where D is the outside
diameter or width of the tube, t is the wall thickness
of the tube, fcu is the cube compressive strength of
concrete, Esc is the elastic modulus of the tested spec-
imens, and Nue is the ultimate strength of the tested
specimens. The height of the specimens is 360mm.
In Table 1, the first capital letters ‘C’ and ‘S’ in spec-
imen label denote circular and square stainless steel
tube respectively, and the second lower case letters ‘c’
and ‘f’ indicate the recycled aggregates of RCA and
RFA respectively. The last numbers ‘0’, ‘1’, ‘2’ and ‘3’
represent r of 0, 25%, 50% and 75%, respectively.

2.2 Material properties

The steel type of the specimens is the austenitic stain-
less steel type AISI 304. The properties of stainless
steel were determined by testing three tensile coupons
randomly taken from the stainless steel plate.Themea-
sured stress (σ)-strain (ε) relations of stainless steel are
shown in Figure 1. From the tests, the average yield
strength (0.2% proof stress), tensile strength, modu-
lus of elasticity and Poisson’s ratio of the steel were
286.7 MPa, 789.6 MPa, 1.85× 105 N/mm2 and 0.276

Figure 1. Stress-strain relations of stainless steel.

respectively. The average elongation of the stainless
steel is 72.7%.
Seven types of concrete, including normal concrete

with natural aggregates, RACwith 25%, 50%and 75%
RCA, and RAC with 25%, 50% and 75% RFA, were
prepared in the tests. The normal concrete mix was
designed for mean cube compressive strength at 28
days of approximately 50MPa. RCA and RFA were
obtained by crushingwaste concrete taken from failure
normal concrete filled carbon steel tube specimens,
and the cube compressive strength of the waste con-
crete was about 60MPa. The maximum size of RCA
and natural coarse aggregate was 20mm and 25mm,
and the water absorption of RCA and natural coarse
aggregate was 8.49% and 0.78% respectively. The
fineness modulus of RFA and natural sand was 3.0
and 2.7, and the water absorption of RFA and natu-
ral sand was 8.3% and 1.6% respectively. To measure
the compressive strength of concrete, several 150mm
cubes were cast and cured in conditions similar to the
composite specimens.
The mix proportions of all concretes were same,

and water reducing agent was added to improve the
workability of the concrete incorporating the recycled
aggregates. The test results showed that, the slump of
new concrete decreased with the increase of recycled
aggregate replacement ratio, and the RAC with RFA
resulted in a higher slump compared to RAC with
RCA.This may be caused by that RFA has a better sur-
face feature than RCA.The cube compressive strength
( fcu) of all concrete at the time of the tests is presented
in Table 1. It can be seen that the cube compressive
strength of RAC was lower than that of normal con-
crete (r= 0), and the higher the recycled aggregate
replacement ratio, the lower the compressive strength.
Moreover, the cube compressive strength of RACwith
RCA is higher than that of RAC with RFA under the
same recycled aggregate replacement ratio.

2.3 Failure modes and load-strain relations

The tests were carried out on a 3000 kN capacity
testing machine. Eight strain gauges were uniformly
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Figure 2. Failure pattern of the tested specimens.

positioned at the mid-height section of the specimens
to obtain the strain variation under the concentrically
compressive loads, and two displacement transducers
(DTs) were used to measure the axial deformations.
From the experiments, it was found that all spec-

imens had relatively good deformation ability and
post-peak load-bearing capacity. The tests were con-
ducted in a smooth and controlled fashion, and the
recycled aggregate replacement ratio (r) had little
effect on the failure pattern up to and beyond the ulti-
mate strength of the specimens. However, due to the
poor confinement of square steel tube to core con-
crete compared with circular steel tube, the steel tube
of square specimens had more buckling positions and
resulted in a larger peak deformation at the buckling
positions. The failure pattern of the tested specimens
is demonstrated in Figure 2.
The measured axial load (N ) versus strain (ε) rela-

tions of the tested specimens are shown in Figure 3,
where the compressive and tensile strains are treated
as positive and negative, and εy is the yield strain
of stainless steel under axial tension. It can be seen
from Figure 3 that, similar to the corresponding nor-
mal CFSST stub columns, the RACFSST specimens
also have the stable load versus deformation response
and the good deformation resistant ability.
It can also be seen from Figure 3 that, the strain cor-

responding to the ultimate strength (Nue) of the circular
specimens is higher than the yield strain; however, the
strain corresponding to ultimate strength (Nue) of the
square specimens is lower than the yield stain (εy).
This phenomenon is similar to the findings of normal
concrete filled carbon steel tube (Han 2007), and is
produced by the stronger confinement to core con-
crete of circular steel tube than square steel tube under
the same parametric conditions.

3 ANALYSIS OF TEST RESULTS

3.1 Ultimate strength

The measured ultimate strength (Nue) of the
RACFSST specimens is given in Table 1. Figure 4

Figure 3. Axial load versus strain relations.

illustrates the variation of the ultimate strength of
all specimens. It can be seen that, in general, circu-
lar and square specimens have the similar variation
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rules. The ultimate strength (Nue) of RACFSST spec-
imens is lower than that of the corresponding normal
CFSST specimens, and the higher the recycled aggre-
gate replacement ratio (r), the lower the ultimate

Figure 4. Effects of r on ultimate strength.

Table 2. Comparison between the predicted and measured ultimate strength.

AIJ ANSI/AISC 360-05 DB21/T17 46-2009 EC4

No. Specimen Nue (kN) Nuc (kN)
Nuc
Nue

Nuc (kN)
Nuc
Nue

Nuc (kN)
Nuc
Nue

Nuc (kN)
Nuc
Nue

1 Cc1 813.8 668.8 0.822 662.9 0.815 693.2 0.852 775.7 0.953
2 Cc2 802.2 651.1 0.812 643.3 0.802 675.4 0.842 755.7 0.942
3 Cc3 774.3 648.2 0.837 640.1 0.827 672.5 0.869 752.5 0.972
4 Cf1 806.7 660.7 0.819 654.0 0.811 685.1 0.849 766.6 0.950
5 Cf2 768.4 643.0 0.837 634.4 0.826 667.3 0.868 746.6 0.972
6 Cf3 777.2 636.3 0.819 627.1 0.807 660.6 0.850 739.2 0.951
7 Sc1 871.5 786.8 0.903 782.2 0.898 817.0 0.937 883.2 1.013
8 Sc2 848.5 764.2 0.901 759.8 0.895 793.9 0.936 856.7 1.010
9 Sc3 830.0 760.5 0.916 756.2 0.911 790.1 0.952 852.3 1.027
10 Sf1 857.1 776.5 0.906 772.0 0.901 806.5 0.941 871.1 1.016
11 Sf2 826.9 753.9 0.912 749.6 0.907 783.4 0.947 844.5 1.021
12 Sf3 831.1 745.4 0.897 741.3 0.892 774.7 0.932 834.6 1.004

μ0 0.865 0.857 0.898 0.986
σ0 0.043 0.046 0.046 0.032

strength (Nue). Furthermore, under the same recycled
aggregate replacement ratio (r), the specimens with
RCA(Cs series) have thehigher ultimate strength (Nue)
compared with the specimens with RFA (Cf series).
Currently, there is no recommendation for the ulti-

mate strength of RACFSST members. In this paper,
the formulae in design code for normal concrete filled
carbon steel tube are temporarily used for predicting
the ultimate strength of RACFSST stub columns. In
all design calculations, the material partial safety fac-
tors are set to unity, and the measured yield strength
of stainless steel and cube compressive strength of
recycled aggregate concrete (RAC) in the tests are
adopted.
The ultimate strength of RACFSST stub columns

calculated (Nuc) using the design equations in AIJ
(1997), ANSI/AISC 360-05 (2005), DB21/T1746-
2009 (2009) and EC4 (2004) are compared with the
measured results (Nue). Table 2 shows the comparison
between the predicted andmeasured ultimate strength.
It can be found fromTable 2 that, four design codes

are all conservative for predicting the ultimate strength
of RACFSST stub columns. On average, AIJ (1997)
and ANSI/AISC 360-05 (2005) give the ultimate
strength about 14% lower than the results obtained
in the tests, and the predicted ultimate strength of
DB21/T1746-2009 (2009) is about 10% lower than
the tested results. Overall, the design equations in EC4
(2004), which give a mean value (μ0) of 0.986 and a
standard deviation (σ0) of 0.032, are the best predic-
tor for determining the ultimate strength of RACFSST
stub columns.

3.2 Elastic modulus

The elastic modulus (Esc) of the RACFSST stub
columns obtained in the tests, which is defined as the
secant modulus while axial load equal to 40% of the
ultimate strength (Nue), is listed in Table 1.
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Figure 5. Variation of the elastic modulus.

The variation of the elastic modulus of all spec-
imens is shown in Figure 5. It can be seen that,
in general, the elastic modulus (Esc) of RACFSST
specimens is lower than that of the corresponding nor-
mal CFSST specimens, and the higher the recycled
aggregate replacement ratio (r), the lower the elastic
modulus.Owing to theworse confinement to core con-
crete of square steel tube than circular steel tube, the
elastic modulus of square specimens is lower than that
of circular specimens. Furthermore, under the same
recycled aggregate replacement ratio (r), the speci-
mens with RCA (Cs series) have the higher elastic
modulus (Esc) compared with the specimens with RFA
(Cf series).

4 NUMERICAL SIMULATION

Based onABAQUS software (ABAQUS 2007), a non-
linear finite element analysis (FEA) model for the
simulation of RACFSST stub columns subjected to
concentric compression is developed.The stress-strain
curve with strain hardening in EC3 (2006) is adopted
for stainless steel, and for core RAC the uniaxial engi-
neering stress (σ) versus strain (ε) relation presented in

Hou (2011) is used in this paper, in which the effect of
recycled aggregate replacement ratio (r) is considered.
The uniaxial engineering stress (σ) versus strain (ε)

relation for RAC (Hou 2011) is as follows:

in which, f ′
c,r and f ′

c are the cylinder compressive
strength of RAC and the corresponding normal con-
crete; r is the recycled aggregate replacement ratio;
ξr[= fy ·As/(fck,r ·Ac)=α · fy/fck,r] is the confinement
factor of RAC, where α(=As/Ac) is the steel ratio, As
andAc are the cross-sectional area of the steel and core
concrete respectively, fy is the yield strength of stain-
less steel, fck,r is the characteristic strength of the RAC
and equals to 0.67% of the cube compressive strength
of RAC.
The material models, contact models and bound-

ary conditions in FEA model were detailed in Hou
(2011).The vertical deformationswere imposed on the
bottom surface of the columns in several incremental
steps, and the outputs of the columns after each step
are obtained from the equilibrium equations, which
is solved by the Newton-Raphson iteration method
(ABAQUS 2007). The comparison of axial load (N )
versus longitudinal strain (εl) relation of RACFSST
stub columns between predicted and measured results
is demonstrated in Figure 6. It is shown that, generally,
the predicted results agree well with the tested results,
and the predicted curves have the similar changing
rules as the tested ones.
Figure 7 shows the comparison between the pre-

dicted (Nuc) and measured ultimate strength (Nue) of
RACFSST stub columns.
It can be seen from Figure 7 that, generally, a good

agreement is obtained between the predicted and mea-
sured results. However, for circular specimens, the
predicted ultimate strength is about 10% lower than
the measured results. This may be induced by the
inaccuracy of the material models.
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Figure 6. Comparison of axial load versus longitudinal
relation between predicted and measured results.

Figure 7. Comparison between the predicted and measured
ultimate strength.

5 CONCLUSIONS

The behaviour of RACFSST stub columns and the
corresponding normal CFSST specimens is experi-
mentally investigated. Based on the results in present
paper, the following conclusions can be drawn:

(1) Similar to the corresponding normal CFSST
specimens, RACFSST stub columns under con-
centric compression have the stable load versus
deformation response and the good deformation
resistant ability.

(2) Due to the existence of recycled aggregates,
the ultimate strength and elastic modulus of
RACFSST stub columns are lower than those of
the corresponding normal CFSST specimens.

(3) The ultimate strength of RACFSST stub columns
can be conservatively predicted using formulae in
AIJ, ANSI/AISC 360-05, DB21/T1746-2009 and
EC4, and EC4 is the best predictor among them.

(4) The FEA model developed can be applied to
simulate the performance of RACFSST stub
columns with a generally good precision.
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Predictive models for strength enhancements in cold-formed
structural sections
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ABSTRACT: Cold-formed structural sections are manufactured at ambient temperature and hence undergo
plastic deformations which result in an increase in the yield stress and ultimate stress, but reduced ductility.
This paper begins with a comparative study of existing predictive models to harness this strength increase.
Modifications to the existing models are then made and an improved model is presented. Tensile coupon tests
from the literature have been used to validate and compare the predictive models. A wide range of structural
section types from both cold-rolling and press-braking fabrication processes and structural materials, including
various grades of carbon steel and stainless steel, have been considered.

1 INTRODUCTION

Cold-formed structural sections are widely used in
construction, offering high strength and stiffness–
to–weight ratios. Structural elements in a range of
section shapes – tubular sections, including the famil-
iar square, rectangular and circular hollow sections
and the recently added elliptical hollow sections, and
open sections such as angles, channels and lipped
channels – are commonly used in building design.
Cold-formed structural sections are manufactured at
ambient temperature and hence undergo plastic defor-
mations, which occur during both the sheet rolling and
cross-section forming processes, causing strain hard-
ening of the material. Upon application of stress, the
strain hardened or cold-workedmaterial follows a new
loading pathwith an increased yield stress and ultimate
stress, but reduced ductility. In metallic materials with
a distinctly defined yield point, such as carbon steels,
the stress-strain behaviour becomes rounded following
the cold-forming process.Non-uniformity in themate-
rial properties around cold-formed sections also exist,
due to the varying level of plastic strain experienced,
with the corner regions being the most influenced.
Materials, such as stainless steel, with rounded stress-
strain behaviour and significant strain hardening show
a more pronounced response to cold-working.
With increasing emphasis being put on the sus-

tainable use of resources, fully exploiting material
properties in structural design is paramount. The per-
formance of finite element models is also often highly
sensitive to the prescribed material parameters, mak-
ing an accurate representation of the material char-
acteristics essential. Therefore, developing suitable

predictive models for harnessing the increases in
material strength caused by plastic deformations,
experienced during the cold-forming production
routes, is required. In this paper, predictive mod-
els from the literature for determining the strength
enhancement observed in cold-formed metallic sec-
tions are reviewed. Two recently proposed predictive
models, developed by Cruise and Gardner (2008)
and Rossi (2008), have been assessed extensively.
Improvements to the existing models have been made
and a new predictive model is presented. Results from
tensile coupon tests from existing experimental pro-
grams have been gathered and used to validate the
predictions from the models. Comparisons between
the presented predictive equations have been made.
The collated database covers a range of structural sec-
tion types – square hollow sections (SHS), rectangular
hollow sections (RHS), angles, lipped channels and
hollow flange channel sections from both cold-rolling
and press-braking fabrication processes – and struc-
tural materials, namely carbon steel and stainless steel
(EN 1.4301, 1.4306, 1.4318, 1.4016, 1.4003, 1.4512
and 1.4162).

2 PRODUCTION ROUTES

Cold-rolling and press-braking are the two methods
commonly employed in themanufacture of light gauge
cold-formed structural sections. In press-braking the
sheet material is formed into the required shape by
creating individual bends along its length. It is a semi-
automated process used to produce open sections, such
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as angles and channels, in limited quantities.Air press-
braking, where elastic spring back is allowed by over-
bending the material, is more commonly adopted than
coin press-braking, where the die and the tool fit into
one another. Cold-rolling is an automated continuous
bending process in which the gradual deformation of
the uncoiled metal sheet through a series of successive
rollers produces the final cross-section profile.
In case of tubular box sections, the flat metal sheet

is first rolled into a circular tube and is welded closed.
It is subsequently deformed into a square or rectangle
by means of dies. The tube’s cross-section is initially
circular whereas the cross-section at the end of the
process is a square or rectangle with round corners.
Finite element models with contact boundary condi-
tions allow simulation of this continuous process, but
are rather complex and time consuming and require
sophisticated software.

3 PREDICTIVE MODELS

3.1 Literature review

Early studies of the strength enhancement in the cor-
ner regions of cold-formed carbon steel sections were
carried out by Karren (1967). A power model to pre-
dict the strength increases in the corner regions of
cold-formed sections, in terms of the yield stress of
the unformed sheet material and the internal corner
radius to thickness ratio was proposed. The model
was developed based on available test data, including
specimens formed by both cold-rolling and press-
braking processes. The author suggested that since
the corner regions typically represent 5% to 30%
of the total cross-sectional area, the influence of
the enhanced corner strength should be incorporated
in structural calculations. Coetzee et al. (1990) per-
formed an experimental study into strength enhance-
ments of cold-formed stainless steel sections.Material
tests on press-braked lipped channel sections of three
stainless steel grades (EN 1.4301, 1.4401 and 1.4003)
were conducted. Karren’s expression was later modi-
fied by van den Berg and van der Merwe (1992) on
the basis of Coetzee et al.’s test data and further test
data on stainless steel single press-braked corner speci-
mens in grades EN1.4301, 1.4016, 1.4512 and 1.4003.
Gardner and Nethercot (2004) studied test data from
cold-rolled box sections and observed a linear rela-
tionship between the 0.2% proof strength of the corner
regions and the ultimate strength of the flat faces.
Ashraf et al. (2005) analysed all stainless steel

test results, from a variety of fabrication processes,
to investigate the application of the predictive equa-
tions proposed by van den Berg and van der Merwe
(1992). Comparisons of the predicted strength and
the test results showed that modifications to the mod-
els were required. Three empirical predictive models
for the evaluation of the corner yield strength were
proposed. Two power models based on the properties
(0.2% proof strength and the ultimate tensile strength)

of the unformed sheet material were developed to pre-
dict the corner 0.2% proof strength of both cold-rolled
and press-braked sections. The linear expression pro-
posed by Gardner and Nethercot (2004), to predict the
0.2% proof strength of the corners in cold-rolled box
sections was also recalibrated. Furthermore, in order
to obtain a full insight into the influence of cold-work
on the corner material properties, an equation to pre-
dict the ultimate strength of the corner material was
developed.
Cruise and Gardner (2008) later recalibrated the

Ashraf et al. (2005) expressions in light of further
stainless steel experimental data and proposed two
revised expressions to predict the enhanced corner
strength of press-braked and cold-rolled sections. In
addition, expressions for evaluating the 0.2% proof
stress and the ultimate tensile stress of the flat faces
of cold-rolled box sections were developed. Similarly,
based on corner material test results on structural car-
bon steel box sections, Gardner et al. (2010) modified
the predictive model given in the AISI Specification
for the Design of Cold-formed Steel Structural Mem-
bers (2002).Values of the coefficients in the predictive
equation were proposed that enabled the model to
be applied to the assessment of the enhanced corner
strength of cold-rolled square and rectangular hol-
low sections. An alternative formula to evaluate the
enhanced 0.2% proof strength in the flat faces and
corner regions of cold-formed sections, using the prop-
erties of the unformed sheet material and the final
cross-sectiongeometry,was proposedbyRossi (2008).
The proposed model may be applied to a range of
nonlinear metallic materials.

3.2 Cruise and Gardner (2008) predictive model

Cruise and Gardner (2008) carried out an extensive
experimental program on cold-formed stainless steel
structural sections, produced from both cold-rolling
and press-braking production routes. Based on the
experimental results, including tensile coupon tests
and hardness tests, the distributions of the 0.2% proof
strength and ultimate strength around a series of cold-
rolled box sections and press-braked angle sections
were identified. The generated test data were com-
bined with all other available published experimental
data and used to develop models for predicting the
strength enhancements around stainless steel sections
due to cold-forming. The experimental observations
showed that, for press-braked sections, the enhance-
ments are confined to the corner regions, whereas
cold-rolled box sections also exhibited significant
strength increases in the flat faces, indicating that
the flat faces in cold-rolled box sections also experi-
ence plastic deformations during forming. New mod-
els were therefore proposed to predict the strength
enhancements in the flat faces of cold-rolled box sec-
tions. Expressions for the 0.2% proof stress σ0.2,f ,pred
and the ultimate tensile stress σu, f , pred , Eqs. (1) and
(2) respectively, were provided, in which t, b and d
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are the section thickness, breadth and depth respec-
tively, and σ0.2,mill and σu,mill are the 0.2% proof stress
and ultimate tensile stress of the unformed material,
as provided by the mill certificate.

Existing literature models were also modified to
predict the strength enhancement in the corner regions
of cold-rolled and press-braked stainless steel sec-
tions. The simple power model proposed by Ashraf
et al. (2005) was recalibrated based on a more com-
prehensive experimental database to predict the 0.2%
proof stress of the corners in press-braked sections. For
cold-rolled sections, the model presented in Gardner
and Nethercot (2004) and later recalibrated by Ashraf
et al. (2005), providing a linear relationship between
the 0.2% proof stress of the formed corners and the
ultimate strength of the flat faces, was again updated.
The proposed expressions for the corner strength
enhancement σ0.2,c,pred are given by Eqs. (3) and (4)
for press-braked sections and cold-rolled sections,
respectively, in which Ri is the internal corner radius.
The experimental data also indicated that, the corner
strength enhancement extends beyond the curved cor-
ner region for cold-rolled sections, and it is confined
to the corner region for press-braked sections. It was
therefore proposed that Eq. (4) should be used to pre-
dict a uniform strength enhancement for the corner
region plus an extension of 2t, where t is the material
thickness, beyond the corner radius into the flat faces
of the section.
For press-braked section:

For cold-rolled section:

3.3 Rossi (2008) predictive model

Rossi (2008) examined the through-thickness resid-
ual stress distributions and strength enhancements
induced during cold-forming of sections composed
of nonlinear metallic materials. The proposed model
for predicting the cold-work strength enhancement is
essentially based on the determination of the plas-
tic strains caused during the fabrication process and
evaluation of the corresponding stresses, through an
appropriate material model. The cold-rolling fabrica-
tion process was broken down into four key steps:
(A) coiling of the sheet material, (B) uncoiling of the

Figure 1. Definition of symbols for SHS and RHS.

sheet material, (C) forming into a circular section and
(D) subsequent deforming into a square or rectangular
section.
The flat faces of cold-rolled hollow sections were

thus assumed to undergo coiling and uncoiling in the
rolling direction followed by bending and unbending
in the direction perpendicular to the rolling direction.
Step C was considered to have the greatest influence
on strength enhancement in the flat faces of cold-rolled
box sections and was used as the dominant stage for
subsequent analysis. For the corner regions, in both
cold-rolled and press-braked sections, the final for-
mation of the corner was considered as the dominant
stage of the process.
The induced plastic strains associated with the

dominant stages of the flat face and corner forming
processes were determined. Assuming pure bending,
the strain experienced by the section face during the
formation of the circular tube (step C) was taken as
εf = (t/2)/Rf , whereRf is the radius of the circular tube
and canbe expressed in termsof the sectiongeometry –
see Figure 1 – leading to εf =πt/2(b+ d). Similarly,
the strain induced during corner forming was given as
εc = (t/2)/Rc, where Rc =Ri + t/2. Note that these are
essentially the same strains considered by Cruise and
Gardner (2008).
The inverted compound Ramberg-Osgood material

model, proposed by Abdella (2006) was employed
within the predictive model to mimic the stress-strain
response of the unformed sheet material, with key
points obtained from the mill certificate. The result-
ing predictive model (Rossi, 2008) is given by Eq. (5).
The proposed formula may be used to evaluate the
strength enhancement σ0.2,forc,pred in the flat faces of
cold-rolled box sections and the corner regions of both
cold-rolled sections and press-braked sections, based
on the appropriate radius: Rf = (b+ d)/π for flat faces
and Rc =Ri + t/2 for the corner regions.
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Figure 2. Variety of cold-formed cross-sections considered
in this study.

where,

where, r2 =E0.2εt,0.2/σ0.2, E0.2 = σ0.2E/(σ0.2 +
0.002nE), r*=E0.2(εu − εt,0.2)/(σu − σ0.2), p*=
r*(1− ru)/(r*− 1), ru =Eu(εu − εt,0.2)/(σu − σ0.2),
Eu =E0.2/[1+ (r*− 1)m], m= 1+ 3.5σ0.2/σu,
α= 1− p* and εt,0.2 = 0.002+ σ0.2/E.

4 COMPARISONS OF EXSISTING
PREDICTIVE MODELS

4.1 Experimental database

In order to assess the wider applicability of the predic-
tive models presented in Sections 3.2 and 3.3, tensile
coupon data from a broad spectrum of existing testing
programs have been gathered. The collated database
covers a range of structural section types – SHS, RHS,
angles, lipped channel sections (LCS) and hollow
flange channel sections (HFCS) fromboth cold-rolling
and press-braking fabrication processes, as illustrated
in Figure 2, and a range of structural materials includ-
ing carbon steel grades and austenitic (EN 1.4301,
1.4306, 1.4318), ferritic (EN 1.4016, 1.4003, 1.4512)
and lean duplex (EN 1.4162) stainless steel grades.
In order to investigate the strength enhancement due
to face forming processes in cold-rolled sections,
reported tensile coupon tests for this portion of the
section have been used. Table 1 provides a summary
of the collected database for the flat faces of the cold-
rolled sections analysed herein. Based on the available
published corner test data, for both cold-rolled and
press-braked sections, the performance of the predic-
tive models for corners has also been assessed. The
compiled database for corner coupon tests considered
in this study is summarized in Table 2.
The collected information includes the section

geometric dimensions, mill certificate material
properties – σ0.2,mill and σu,mill – and the measured
material properties of the formed sections – the 0.2%
proof stress σ0.2,testand the ultimate tensile stress σu,test .
For cold-formed sections, themill test is carried out on
sheet material prior to section forming and the results
are supplied by the manufacturer. The Ramberg-
Osgood material model parameters, required for the

Table 1. Summary of database for coupon tests on flat
material in cold-rolled sections from literature.

Reference Material Section

Gardner et al. (2010) CS (S235) SHS,RHS
Guo et al. (2007) CS (S235) SHS,RHS
Niemi (1990) CS (S355) SHS
Zhu &Wilkinson (2007) CS∗ HFCS

Ala-Outinen (2007) SS(1.4301) SHS
Cruise (2007) SS (1.4301) SHS,RHS
Gardner (2002) SS (1.4301) SHS,RHS
Gardner et al. (2006) SS (1.4318) SHS,RHS
Hyttinen (1994) SS (1.4301) SHS
Rasmussen & Hancock (1993) SS (1.4306) SHS
Talja & Salmi (1995) SS (1.4301) SHS
Afshan & Gardner (2012) SS (1.4003) SHS,RHS
Hyttinen (1994) SS (1.4003) SHS
Hyttinen (1994) SS (1.4512) SHS
Theofanous & Gardner (2010) SS (1.4162) SHS,RHS

*Material grade was not reported.

Table 2. Summary of database for coupon tests on corner
material from literature.

Reference Material Section

Gardner et al. (2010) CS (S235) SHS,RHS
Guo et al. (2007) CS (S235) SHS,RHS
Niemi (1990) CS (S355) SHS
Zhu &Wilkinson (2007) CS∗ HFCS

Ala-Outinen (2007) SS (1.4301) SHS
Coetzee et al. (1990) SS (1.4301) LCS
Coetzee et al. (1990) SS (1.4401) LCS
Cruise (2007) SS (1.4301) SHS,RHS
Cruise (2007) SS (1.4301) Angle
Gardner (2002) SS (1.4301) SHS,RHS
Garddner et al. (2006) SS (1.4318) SHS,RHS
Lecce & Rasmussen (2005) SS (1.4301) LCS
Rasmussen &Hancock (1993) SS (1.4306) SHS
van den Berg & SS (1.4301) Angle
van der Merwe (1992)
Afshan & Gardner (2012) SS (1.4003) SHS,RHS
Coetzee et al. (1990) SS (1.4003) LCS
Lecce & Rasmussen (2005) SS (1.4016) LCS
Lecce & Rasmussen (2005) SS (1.4003) LCS
van den Berg & SS (1.4512) Angle
van der Merwe (1992)
van den Berg & SS (1.4016) Angle
van der Merwe (1992)
van den Berg & SS (1.4003) Angle
van der Merwe (1992)
Theofanous & Gardner (2010) SS (1.4162) SHS,RHS

*Material grade was not reported.

Rossi (2008) model, were sourced from Ashraf et al.
(2006) and Rasmussen (2003), with the relevant mate-
rial properties obtained from, EN 1993-1-1 (2005)
for carbon steel sections and EN 10088-1 (2005) for
stainless steel sections.
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Table 3. Comparison of the predictive models for flat faces
of cold-rolled sections.

Predictive Cruise &
model Gardner (2008) Rossi (2008)

All Mean 1.09 0.96
COV 0.20 0.20

Carbon steel Mean (1.25) 0.94
COV (0.22) 0.16

Stainless steel Mean 1.06 0.97
COV 0.18 0.21

Table 4. Comparison of the predictive models for corner
regions of cold-formed sections.

Cruise & Gardner
Predictive (2008); Gardner Rossi
model et al. (2010) (2008)

All Mean 0.98 1.04
COV 0.11 0.14

Carbon steel Mean 0.95 0.95
COV 0.10 0.09

Stainless steel Mean 0.98 1.05
COV 0.12 0.14

4.2 Comparison of predictive models

This section provides a broad comparison, in terms of
both the accuracy of the predictions and the ease of
use, of the two predictive models. Numerical compar-
isons, including the mean and coefficient of variation
(COV), of the two predictive models with the test data,
in terms of the predicted strength to the test strength
ratio, are presented in Tables 3 and 4 for flat faces and
corner regions, respectively. Although the proposed
predictive model for flat faces of cold-rolled sections
provided by Cruise and Gardner (2008) was calibrated
only for stainless steel, it has also been applied herein
to carbon steel test data for comparison purposes and
the results are shown in Table 3 in brackets.
Analysis of the results shows that for the flat faces

of cold-rolled stainless steel sections, the predictive
model from Rossi (2008) is able to predict more accu-
rate results, in terms of the mean value, than the
predictive equation proposed by Cruise and Gardner
(2008) but, has higher scatter. The results for the cor-
ner regions show that for stainless steel, the Cruise and
Gardner (2008) model offers more accurate prediction
of the test data with lower scatter. Also, Rossi (2008)
and the modified AISI (Gardner et al. 2010) predic-
tions for the corner strength enhancements of carbon
steel sections are in good agreement, with the former
showing a lower scatter of 0.09.
As far as the flat faces of cold-rolled sections are

concerned, both models use the samemeasure of cold-
work induced strain in their formulations, but different
material models. The Rossi (2008) model employs the
compound Ramberg-Osgoodmaterial model whereas,
Cruise and Gardner (2008) assume a linear hardening

Figure 3. Normalized measured 0.2% proof stress for the
flat faces of cold-rolled sections.

material behaviour for stainless steel with the mate-
rial model incorporated into the model coefficients.
As a result, while the Rossi (2008) predictive model
may be applied to any structural section of non-linear
material, the Cruise and Gardner (2008) model is spe-
cific to structural sections with the material for which
the models were calibrated against, which included
austenitic stainless steel grade EN 1.4301.
Due to the complicated mathematical form and the

number of input parameters required to evaluate the
cold-work induced strength enhancement fromRossi’s
(2008) predictive equation, it is lengthy to imple-
ment in design calculations. In order to overcome the
shortcomings of the two predictive models, a new
predictive model is developed in the next section.

5 EXTENSION OF PREDICTIVE MODELS

5.1 Introduction

In this section a simple and accurate method for
predicting the strength enhancement in cold-formed
structural sections is presented. The model develop-
ment is based on the same concept as used in the
Rossi (2008) predictive model, which involves the
determination of the cold-work induced plastic strain
followed by the evaluation of the corresponding stress
from the stress-strain response of the unformed sheet
material, using an appropriate material model. Given
the scatter in the test data, see Figures 3 and 4 for flat
faces and corner regions, respectively, and the assump-
tionsmade in simplifying the forming processes, using
a simple material model, in place of the compound
Ramberg-Osgood model, is deemed more appropri-
ate. In addition, analysis of the results shows that the
plastic strain from both the sheet forming and cross-
section forming processes contribute to the overall
strength enhancement of the flat faces of cold-rolled
box sections.

5.2 Material stress-strain models

In order to represent the stress-strain response of the
unformed sheet material, the suitability of a power law
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Figure 4. Normalized measured 0.2% proof stress for the
corner regions of cold-formed sections.

model and a tri-linear material model with strain hard-
ening, Eqs. 8 and 9, respectively, have been assessed.
The parameters which define each model are based on
the key material properties from the mill certificate.
The power law model parameters, a and b, are cali-

brated such that it passes through the 0.2% proof stress
(εt,0.2, σ0.2) and the ultimate stress (εu, σu) points. The
model’s inability to provide a good fit to the actual
stress-strain response at low strains will not influence
the predicted strength due to the relatively largemagni-
tude of the plastic strains induced during cold-forming
processes. The first stage of the tri-linear model has a
slope E, taken as the material initialYoung’s modulus,
up to the yield point, defined as the 0.2% proof stress
and the corresponding elastic strain ε0.2 = σ0.2/E. The
strain hardening slope is determined as the slope of the
line passing through the defined yield point (ε0.2,σ0.2)
and a specified maximum point (εmax,σmax) with εmax
taken as 0.5εu, where εu is the ultimate tensile strain,
and σmax is taken as the ultimate tensile stress σu. A
similar approach has been recommended in EN 1999-
1-1 (2007) for modelling the stress-strain response of
aluminium alloys. In order to prevent significant over-
predictions of strength at large strains, a maximum
stress limit equal to the ultimate tensile stress σu has
been added. No strength enhancement would 0 result
from strains less than the yield strain; hence the initial
part of themodelwill not be used for strength enhance-
ment predictions. The ultimate tensile strain εu is not
provided in the material mill certificate and has been
determined herein based on Rasmussen’s (2003) rec-
ommendations. Further work for accurately predicting
this parameter is currently underway.

5.3 Cold-work induced plastic strains

Cold-work plastic strains are induced during both
coiling/uncoiling of the sheet material and cross-
section forming processes. The plastic strain compo-
nents from both processes contribute to the overall
strength enhancement of the flat faces of cold-rolled
box sections whereas for corners of cold-rolled sec-
tions andpress-braked sections, the plastic strains from
the formation of the corner are generally much larger
in magnitude than the plastic strains induced prior to
corner forming.
The through thickness strains induced during the

coiling/uncoiling processes is related to the internal
coil radius and the radial location of the sheet in
the coil.The critical coil radius associated with the ini-
tiation of through thickness plastic strains from sheet
coiling depends on the thickness and material proper-
ties of the sheet. If the coil radius is greater than this
critical radius, no plastic strains are introduced; oth-
erwise, varying degrees of thorough thickness plastic
strains are produced. As it is not possible to provide
an exact measure of the plastic strains associated with
the coiling/uncoiling processes, due to the unknown
value of the coil radius coinciding with the as-formed
member, this strain may be determined on the basis of
an average coil radius, as recommended in Moen et al.
(2008). FromMoen et al.’s (2008) research, an average
coil radius Rcoiling = 450mm is used herein.
The total plastic strain experienced by the flat faces

of cold-rolled box-sections is taken as the sum of the
strains from the coiling, uncoiling, formation of the
circle and crushing into the final cross-section geom-
etry – referred to as stepsA,B,CandD inRossi (2008).
The strain from the sheet uncoiling and formation
of the final geometry are taken as equal and opposite to
the strains from coiling and formation of circular tube
respectively. Hence the total plastic strains assumed to
be experienced by the flat faces εf ,total and the corner
regions εc are given by:

5.4 Analysis of results

The experimental database presented in Section 4.1
has been used to investigate the applicability of the
two simple stress-strain models and the plastic strain
measures introduced in Sections 5.2 and 5.1, respec-
tively for predicting the strength enhancement in cold-
formed sections. Numerical comparisons, including
the mean and coefficient of variation (COV), of the
predictions from both material stress-strain models
with the test data, in terms of the predicted strength
to the test strength ratio, are presented in Tables 5 and
6 for flat faces and corner regions, respectively.
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Table 5. Comparison of the proposed predictive models for
flat faces of cold-rolled sections.

Predictive model Power model Linear model

All Mean 1.06 0.96
COV 0.19 0.18

Carbon steel Mean 0.99 0.97
COV 0.19 0.16

Stainless steel Mean 1.08 0.96
COV 0.19 0.19

Table 6. Comparison of the proposed predictive models for
corner regions of cold-formed sections.

Predictive model Power model Linear model

All Mean 1.05 1.04
COV 0.15 0.15

Carbon steel Mean 0.96 0.95
COV 0.09 0.11

Stainless steel Mean 1.08 1.06
COV 0.15 0.15

Analysis of the results shows that for both the flat
faces and corner regions, the linear hardening mate-
rial model gives more accurate results in terms of both
the mean and the COV, than the power model. The
linear hardening model and the Rossi (2008) model
give the same mean of 0.96 for the flat faces of cold-
rolled stainless steel and carbon steel sections with
the former having a lower COV of 0.18. As far as the
corner regions of cold-formed sections are concerned,
both Rossi (2008) and the proposed linear hardening
model over-predict the test data, highlighting the pos-
sible over-estimation of the cold-work induced plastic
strains in the corner regions. Overall, the proposed
linear hardening material model with the new strain
measure predictions are in good agreements with the
test data and may be employed to predict the strength
enhancement in cold-formed structural sections. The
new proposed predictive model is simple to use in
structural calculations and is applicable to anymetallic
structural sections.

6 CONCLUSIONS

A review of predictive models from the literature
for harnessing the strength increase in cold-formed
sections has been carried out. Two recently pro-
posed predictive models, developed by Cruise and
Gardner (2008) andRossi (2008),were assessed exten-
sively. Improvements to the existing models were
subsequently made and a new predictive model was
presented. A comprehensive database of the tensile
coupon tests from existing experimental programs
were used to validate the predictions from the models.

Analysis of the results showed that for the flat faces
of cold-rolled stainless steel sections, the predictive
model from Rossi (2008) is able to predict more accu-
rate results, in terms of the mean value, than the
predictive equation proposed by Cruise and Gardner
(2008) but, has higher scatter. The results for the cor-
ner regions show that for stainless steel, the Cruise
and Gardner (2008) model offers more accurate pre-
diction of the test data with lower scatter. Also, Rossi
(2008) and the modified AISI model (Gardner et al.
2010) predictions for the corner strength enhance-
ments of carbon steel sections are in good agreement,
with the former showing a lower scatter of 0.09. It
was highlighted that while the Rossi (2008) predic-
tive model may be applied to any structural section
of non-linear material, Cruise and Gardner’s (2008)
model is specific to austenitic stainless steel structural
sections. Also, Rossi’s (2008) predictive equation was
considered lengthy to implement in design calcula-
tions. In order to overcome the shortcomings of these
models, a linear hardening material model, with new
strain measures, was proposed to predict the strength
enhancement in cold-formed structural sections. The
newproposed predictivemodel predictions are in good
agreement with the test data. It is simple to use in
structural calculations and is applicable to anymetallic
structural sections.
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Behaviour of cold-formed lean duplex stainless steel sections
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ABSTRACT: The behaviour of cold-formed lean duplex stainless steel sections is investigated. The material
properties of high strength cold-formed lean duplex stainless steel square and rectangular hollow sections were
examined. Tensile coupons and stub columns were tested for steel for six different sections. TheYoung’s moduli,
0.2% proof stresses, tensile strengths, elongation at fracture and the Ramberg-Osgood parameter of lean duplex
stainless steel material were measured. The initial local geometric imperfections of the six sections were mea-
sured. Residual stresses were measured using the method of sectioning. The membrane and bending residual
stress distributions in the cross-section were obtained and plotted. The stub column test strengths obtained from
this studyand the available data were also compared with the design strengths predicted by the American Speci-
fication,Australian/New Zealand Standard and European Code for stainless steel structures. Generally, the three
specifications conservatively predicted the column strengths.

1 INTRODUCTION

Stainless steel sections have been increasingly used in
architectural and structural applications, due to their
aesthetic appearance, superior corrosion resistance,
ease of maintenance and ease of construction. Cur-
rently, most of the stainless steel structures aremade of
austenitic and ferritic stainless steel. However, the lean
duplex stainless steel has been developed and becom-
ing an attractive choice for application in construction
projects, due to its superior structural performance
and the comparable corrosion resistance compare to
austenitic type of stainless steel. In addition, the low
content of the expensive alloying element Nickel in
lean duplex stainless steel makes it economically
advantageous over the other stainless steel grades.The
lean duplex stainless steel material of type EN 1.4162
(LDX2101) investigated in this study is 1.5% Nickel
composition, compared to 5.7% in duplex stainless
steel of grade EN 1.4462 and 8.3% inAustenitic stain-
less steel of grade EN 1.4301 (ASTM 304) (Yrjola,
2008).The lean duplex stainless steel is also consid-
ered to be high strength, with nominal yield strength
of 450MPa compared to 210MPa in grade 1.4301
(Yrjola, 2008). The lean duplex material is relatively
new in civil engineering application, hence, it is not
covered in theAmerican Specification (ASCE, 2002),
Australian/New Zealand Standard (AS/NZS, 2001)
andEuropeanCode (EC3, 2006a).The investigation on
the material behaviour of lean duplex stainless steel is
limited at current stage, and thus further study is nec-
essary to facilitate the structural application of lean
duplex material.
Young & Lui (2005) investigated the behaviour

of cold-formed high strength austenitic and duplex

stainless steel of square hollow sections (SHS) and
rectangular hollow sections (RHS). Tensile coupon
tests, residual stress measurements and stub column
tests were conducted to obtain the material proper-
ties of the test specimens. The initial local geometric
imperfections of the specimens were also measured. It
was shown that the American Specification (ASCE,
2002), Australian/New Zealand Standard (AS/NZS,
2001)and European Code (EC3, 2006a)are generally
conservative for cold-formed high strength stainless
steel stub columns. Theofanous & Gardner (2010)
carried out material tests on lean duplex stainless
steel, including tensile and compressive coupon tests
at flat and corner portions of SHS and RHS. Gard-
ner & Nethercot (2004) conducted a series of tensile
and compressive coupon tests as well as stub column
tests on austenitic stainless steel type EN 1.4301 cold-
formedSHS,RHSand circular hollow sections (CHS).
A stress-strain model predicting corner material prop-
erties base on flat material properties was proposed.
It was also found that EC3 is conservative in pre-
dicting cross-section compression strength, especially
for stocky columns, while the proposed method by
Gardner & Nethercot (2004) provides better and less
scatter predictions. Chen &Young (2006) conducted a
series of coupon tests onduplex and austenitic stainless
steel types EN 1.4462 and EN 1.4301 at elevated tem-
peratures. The coupons were tested under steady state
and transient state methods. A unified equation for
yield strength, elastic modulus, ultimate strength and
ultimate strain at elevated temperatures was proposed.
Furthermore, a stress-strain model was also proposed
and the stress-strain model accurately predicted the
test results. Theofanous & Gardner (2009) performed
a series of tests and numerical analysis on lean duplex
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stainless steel columns, and the results were compared
with the EC3 Code predictions and the recommended
class limits as suggested by Gardner and Theofanous
(2008).
The purpose of this paper is to investigate the

behaviour of cold-formed lean duplex stainless steel
square and rectangular hollow sections. The mate-
rial properties of the test specimens were investi-
gated by carrying out tensile coupon tests. Hence,
the Young’s modulus, 0.2% proof stress and tensile
strength of lean duplex material for each section
were obtained. The material properties of the com-
plete cross-section in the cold-worked state were also
obtained from stub column tests. The initial local
geometric imperfections of the sections were also
measured, and the local imperfections profile was
plotted for a section. Residual stresses induced in
the cold-forming process were measured using the
method of sectioning. The membrane and bending
residual stress distributions in the cross-section of
the specimen were obtained and plotted. Further-
more, the stub column test strengths,together with the
available lean duplex stub column strengths reported
by Theofanous and Gardner (2009), were compared
with the design strengths predicted by the American
Specification (ASCE, 2002),Australian/New Zealand
Standard(AS/NZS, 2001) and European Code (EC3,
2006a).

2 TEST SPECIMENS

The tests were carried out on two square hollow
sections (SHS) and four rectangular hollow sections
(RHS) of lean duplex stainless steel type EN 1.4162.
The test specimens were cold-rolled from flat strips
and the nominal 0.2% proof stress is 450MPa with
Nickel (Ni) content of 1.5% (Yrjola, 2008). One
stub column was compressed between fixed ends
for each section. The nominal lengths of the stub
columns are 150, 150, 150, 210, 300 and 450mm
for specimens with nominal cross-section dimen-
sions 50× 30× 2.5, 50× 50× 1.5, 50× 50× 2.5,
70× 50× 2.5, 100× 50× 2.5 and 150× 50× 2.5,
respectively. The measured cross-section dimensions
of the test specimens, which were the average mea-
sured values at both ends of each specimen, are shown
in Table 1 using the nomenclature defined in Figure 1.
The test specimens were supplied by the manufacturer
in un-cut length of 6000mm. Each specimen was cut
to a specified length. Both ends of the specimens were
milled flat and then welded to 20mm thick steel end
plates for testing.

3 GEOMETRIC IMPERFECTION
MEASUREMENTS

Initial local geometric imperfections of specimens
were measured for each section. The measurements
were obtained at mid-length of the specimens using

Table 1. Measured specimen dimensions.

D B t ro ri L
Specimen (mm) (mm) (mm) (mm) (mm) (mm)

SC1L150 50.2 30.3 2.557 5.0 1.8 150.0
SC2L150 50.5 50.5 1.493 3.0 1.0 150.0
SC3L150 50.3 49.7 2.487 3.2 1.0 150.0
SC4L210 70.4 50.8 2.523 4.0 1.0 210.0
SC5L300 100.1 50.9 2.510 3.3 1.2 300.1
SC6L450 150.0 50.2 2.463 4.3 2.0 450.0

Figure 1. Definition of symbols and location of tensile
coupon in cross-section.

Figure 2. Measured local geometric imperfection profiles
of section 100× 50× 2.5.

dial gaugewith an accuracy of 0.001mm.For each side
of the cross-sections,local geometric imperfections
were assumed to be zero at the corners, and the vertical
distance of the flat portions relative to the corners were
measured as the geometric imperfection. Readings
were taken at 2mm intervals across the cross-sections.
The convex profiles are indicated by positive values
and the concave profiles as negative values. The mea-
sured local geometric imperfection profile of section
100× 50× 2.5 is shown in Figure 2. The vertical axis
plotted the measured local imperfections and the hor-
izontal axis plotted the location in cross-section of the
specimens. The maximum measured initial local geo-
metric imperfections were 0.066, 0.310, 0.101, 0.226,
0.348, and 0.679mm for 50× 30× 2.5, 50× 50× 1.5,
50× 50× 2.5, 50× 70× 2.5, 100× 50× 2.5, and
150× 50× 2.5 specimens, respectively.
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Figure 3. Residual stress measurements.

4 RESIDUAL STRESS MEASUREMENTS

Residual stressesare induced in the specimens during
the cold-forming process.The magnitudes and distri-
butions of the residual stresses for the cold-formed
lean duplex stainless steel sections were measured.
The residual stress measurements were conducted on a
150× 50× 2.5 specimen of 300mm length. The lon-
gitudinal residual strainsweremeasured by themethod
of sectioning, and the strains were converted to resid-
ual stresses. The flat portion of the specimen was
marked into strips of 10mm widths, and the strain
gauges of 3mm gauge lengths were attached around
half of the cross-section, as shown in Figure 3a. The
seamless weld was located in the middle of the flange
of the section. Therefore, the residual stress distri-
bution is assumed to be symmetric in half of the
section.
The initial readings before cutting the specimen

were recorded for each strip on both outer and inner
surfaces. The specimen was then cut into strips using
a GF Agie Charmilles wire cut machine with an
accuracy of 0.005 mm. The specimen was cut by
a wire-cutting method under water to eliminate any
additional stresses resulting from the cutting process,
as shown in Figure 3b. After cutting, the residual
strains were then measured on both outer and inner
surfaces of each strip. However, strain gauges can-
not be attached on the inner surfaces of corners, due
to the small inner corner radius. Therefore, residual
stresses at the corners are not plotted in Figures 4, 5.
The differences in longitudinal strains in each strip
before and after cutting were converted to residual
stresses by multiplying the measured Young’s modu-
lus. The membrane and bending residual stresses were
calculated as the average and difference in residual
stress measurements on the outer and inner surfaces,
respectively. The negative value of membrane stress
indicates a compressive stress in the specimen.The
negative value of bending stress indicates a higher
measured stress at the outer surface of the cross-
sectionwhen the strips bent inward during cutting.The

Figure 4. Measured membrane residual stress distributions
in section 150× 50× 2.5.

Figure 5. Measured bending residual stress distributions in
section 150× 50× 2.5.

maximum membrane and bending residual stresses
of the specimen are 32.5% and 60.8% of the mea-
sured 0.2% proof stress, respectively. Figures 4 and 5
showed the measured membrane and bending residual
stresses distributions in the cross-section of the RHS
150× 50× 2.5 specimen, respectively.

5 TENSILE COUPON TESTS

5.1 General

Tensile coupon tests were conducted to determine the
material properties of the test specimens. Longitu-
dinal tensile coupons, which are extracted from the
untested specimens belong to the same batch of the
stub column specimens, were tested for each section.
The tested coupons were taken from both flat portions
and corners of the cold-formed lean duplex stain-
less steel specimens. The material properties of the
coupons including the static 0.2% proof stress (σ0.2),
static ultimate tensile strength (σu), initial Young’s
modulus (Eo) and elongation at fracture (εf ) of a
gauge length of 25mm were measured. Stress-strain
curves obtained from the tensile coupon tests were
plotted for each section, and the Ramberg-Osgood
parameter (n) using the Ramberg-Osgood expression
n= ln(0.01/0.2)/ln(σ0.01/ σ0.2) were calculated.
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Table 2. Coupon test results obtained from flat coupons.

σ0.2,f σu,f Eo,f εf
Specimen (MPa) (MPa) (GPa) n (%)

50× 30× 2.5 683 764 198 7 39
50× 50× 1.5 610 734 194 5 44
50× 50× 2.5 635 756 198 6 44
70× 50× 2.5 613 738 194 8 44
100× 50× 2.5 625 727 200 6 49
150× 50× 2.5 664 788 202 4 35

5.2 Flat coupon tests

The flat coupons were taken from the center of the
face at 90◦ angle from the weld for all specimens. The
location of the flat coupons extracted from the sections
is shown in Figure 1. The flat coupons were extracted
from the web of RHS. The dimension of flat coupons
was conformed to the Australian Standard AS 1391
(2007) and theAmericanStandardASTME8M(1997)
for the tensile testing of metals using a 6mm wide
coupon and a gauge length of 25mm.
An MTS testing machine was used in the tests. The

calibrated extensometer of 25mm gauge length was
mounted onto the specimens by a three-point contact
knife edges to measure the longitudinal strain during
the tests.Two linear strain gaugeswere attached atmid-
length to the center of both faces of each coupon to
determinate the initial Young’s modulus. Tensile load
was applied to the specimens with the loading rate of
0.04mm/min in the elastic range and 0.8mm/min in
the plastic range of the stress-strain curves. The strain
rate of the tests measured by the extensometer was
conformed to theAustralian StandardAS 1391 (2007)
and the American Standard ASTM E 8M (1997). To
eliminate the effect of loading rate during the tests, the
static stress-strain curves were obtained by pausing
the applied straining for 1.5 minutes near the 0.2%
proof stress, the ultimate tensile strength and post-
ultimate strength.
The measured material properties are summarized

in Table 2. It is shown that the static 0.2% proof stress
(σ0.2,f ) ranged from 610 to 683MPa and the ultimate
tensile strength (σu,f ) ranged from 727 to 788MPa.
The Ramberg-Osgood parameter (n) is ranged from
4 to 8. The test specimens elongated by 35 to 49% of
25mmgauge length at fracture.The static stress-strain
curves for the six sections are shown in Figure 6.

5.3 Corner coupon tests

The cold-forming process of the cold-formed lean
duplex stainless steel leads to a significant strength
enhancement of the material properties at the corners
compared to the flat portions in the sections.Therefore,
coupons obtained from corners of each section were
also tested. The corner coupons were extracted near
the welds of the sections as shown in Figure 1. The

Figure 6. Static stress-strain curves obtained from tensile
coupon tests at flat portions.

Table 3. Coupon test results obtained from corner coupons.

σ0.2,c σu,c Eo,c εf
Specimen (MPa) (MPa) (GPa) n (%)

σ0.2,c

σ0.2,f

σu,c

σu,f

50× 30× 2.5 788 975 192 4 22 1.15 1.28
50× 50× 1.5 824 1012 200 5 15 1.35 1.38
50× 50× 2.5 833 1079 207 5 19 1.31 1.43
70× 50× 2.5 844 995 200 5 21 1.38 1.35
100× 50× 2.5 882 1033 203 5 17 1.41 1.42
150× 50× 2.5 831 967 199 6 18 1.25 1.23

tested corner coupons were 4mm width and 25mm
gauge length. Two holes having a diameter of 7mm
were drilled at a distance of 20mm from both ends
of the coupons and the coupons were tested between
two pins, so that the coupons were loaded through the
centroid.
The corner coupons were tested using the same

MTS testing machine as the flat coupons. The same
method of testing as the flat coupon tests was adopted,
except the three-point contact knife edges of the
extensometer were replaced by a standard knife edge
mounted onto the curved specimens. Similar to the
flat coupon tests, static stress-strain curves were
obtained by pausing the applied straining during test-
ing.Themeasuredmaterial properties are summarized
inTable 3. It is shown that the 0.2% proof stress (σ0.2,c)
is ranged from 788 to 882MPa and the ultimate tensile
strength (σu,c) from 967 to 1079MPa. The Ramberg-
Osgood parameter (n) is ranged from 4 to 6. The test
specimens elongated by 15 to 22% of 25 mm gauge
length at fracture.The static stress-strain curves for the
six sections are shown in Figure 7. To investigate the
strength enhancement effect due to cold-working,
the static 0.2% and the ultimate tensile strength (σu) of
the flat and corner coupons are compared in Table 3.
The 0.2% proof stress (σ0.2) was increased by 15
to 41%, and the ultimate tensile strength (σu) was
increased by 23 to 43%.
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Figure 7. Static stress-strain curves obtained from tensile
coupon tests atcorners.

Figure 8. Test setup of stub column.

6 STUB COLUMNTESTS

Stub column tests were conducted for each cold-
formed lean duplex stainless steel section to determine
the material properties of the complete cross-section
in the cold-worked state. A total of six stub
columns were tested which consisted of specimens
SC1L150, SC2L150, SC3L150, SC4L210, SC5L300
and SC6L450. The specimen lengths of the stub
columns were complied with the Structural Stabil-
ity Research Council Guidelines (Galambos, 1998).
The measured cross-section dimensions and specimen
length of the stub columns are shown in Table 1. The
columns were compressed between fixed ends using a
hydraulic testing machine, as shown in Figure 8. The
fixed-endedbearingswere restrained against theminor
and major axis rotations as well as twist rotations and
warping. Two steel end plates were welded to the ends
of each specimen. The axial strains were obtained by
longitudinal strain gauges attached at the four corners
of the stub columns at the mid-length in order to avoid
the effect of local buckling. In addition, three trans-
ducers were used to measure the axial shortening of
the specimens.
A hydraulic testingmachinewas used to apply com-

pressive axial force to the stub column specimens.

Table 4. Material properties obtained from stub column
tests.

σ0.2 σu Eo Failure
Specimen (MPa) (MPa) (GPa) n Mode

SC1L150 660 880 205 4 Y
SC2L150 N/A 515 194 4 L
SC3L150 690 791 202 3 Y
SC4L210 621 723 204 3 Y
SC5L300 545 548 207 4 L
SC6L450 430 452 202 8 L

Figure 9. Static stress-strain curves obtained from stub
column tests.

Displacement control was used to drive the hydraulic
actuator at a constant speed of 0.5mm/min. The static
load was obtained by pausing the applied straining for
2 minutes near the 0.2% proof stress, ultimate strength
and post ultimate range of the stub columns. Table 4
shows the measured material properties obtained from
the stub column tests, which included the static 0.2%
proof stress (σ0.2), static ultimate strength (σu), initial
Young’s modulus (Eo), parameter n and failure mode,
where “L” indicates local buckling and “Y” indicates
material yielding. The average yield strength of the
specimen is the yield stress in the flat portion multiply
by the area of flat portion plus corner yield stressmulti-
ply by the area of corners. In this study, the specimen is
regarded as failed bymaterial yieldingwhen the exper-
imental ultimate load (PExp) is greater than the average
yield strength of the specimen. The static stress-strain
curves obtained from the stub column tests for each
section are plotted in Figure 9.
In comparison with the tensile coupon tests, the

stub column tests included the effect of residual
stress and the strength enhancement due to the cold-
forming process. For specimens SC2L150, SC5L300
and SC6L450, the ultimate stresses obtained from
the stub column tests are much smaller than those
obtained from coupon tests due to local buckling fail-
ure. It should be noted that due to local buckling,
the 0.2% proof stress (σ0.2) of stub column specimen
SC2L150 could not be reached before the ultimate
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strength. According to clause 6.3 of the ASCE Speci-
fication (ASCE, 2002), the compressive yield stresses
shall be taken as either the maximum compressive
strength of the section divided by the cross-section area
or the stress determined by the 0.2% offset method,
whichever is reached first in the test. Therefore, the
ultimate stress was regarded as the compressive yield
stress for specimenSC2L150. For specimenSC4L210,
which is classified as slender section in EC3 Part 1-4
(EC3, 2006a), the failure was found to be material
yielding. The stub column may be influenced by local
buckling. Therefore, the ultimate stress of the stub
column is slightly smaller than that of flat coupon,
although it was failed by material yielding. For speci-
mens SC1L150 and SC3L150, the ultimate stresses of
stub columns are greater than that of flat coupons, and
smaller than that of corner coupons.

7 COMPARISON OF TEST STRENGTHSWITH
DESIGN STRENGTHS

The test strengths of stub columns and those of the
specimens conducted by Theofanous and Gardner
(2009) were compared with the unfactored design
strengths (nominal strengths) calculated using the
American Society of Civil Engineers (ASCE, 2002)
Specification for the design of cold-formed stain-
less steel structuralmembers,Australian/NewZealand
Standard (AS/NZS, 2001) for cold-formed stainless
steel structures and European Code (EC3, 2006a):
Design of steel structure – Part 1.4: General rules –
Supplementary rules for stainless steels. In calculat-
ing the design strengths, the effective lengths (le) were
taken as half of the measured specimen lengths for
fixed-ended column tests. The effective length factor
(k) of fixed-ended columnwas taken as 0.5.The design
strengths were calculated using the average measured
cross-section dimensions and the measured material
properties obtained from the coupon tests in flat por-
tions for each section as detailed in Table 2. It should
be noted that these specifications do not cover the
material of lean duplex stainless steel.
In ASCE Specification, the column design rules

are detailed in clause 3.4 of the Specification for
concentrically loaded compression members. The tan-
gent modulus (Et) equation as a function of buckling
stress is shown inAppendix B of theASCE Specifica-
tion. This design procedure involves iterative process.
Firstly, a trial normal stress is assumed and then the
tangent modulus is computed. Based on the calcu-
lated tangent modulus, a new normal stress is obtained
until it converges. The effective area (Ae) is calculated
according to clause 2.2.1 of the Specification, and the
corners are assumed to be fully effective.
In AS/NZS Standard, the stub column design

strengths were calculated using the alternative design
method given in clause 3.4.2 of the standard. The
calculation of buckling stress (fn) requires the deter-
mination of values α, β,λo and λ1 according to the type
of materials. It should be noted that the values of lean

Table 5. Comparison of stub column strengths obtained
from tests and design predictions.

PExp
Specimen (kN)

PExp

PASCE

PExp

PAS/NZS

PExp

PEC3

SC1L150 316.1 1.23 1.23 1.27
SC2L150 147.1 0.95 0.95 1.12
SC3L150 362.2 1.23 1.23 1.24
SC4L210 413.2 1.19 1.19 1.29
SC5L300 394.0 1.05 1.05 1.17
SC6L450 428.1 1.06 1.06 1.20
100× 100× 4-SC1 1022.0 1.17 1.17 1.26
100× 100× 4-SC2 1037.0 1.16 1.16 1.26
80× 80× 4-SC1 923.0 1.19 1.19 1.18
80× 80× 4-SC2 915.0 1.20 1.20 1.20
60× 60× 3-SC1 613.0 1.19 1.19 1.19
60× 60× 3-SC2 616.0 1.16 1.16 1.16
80× 40× 4-SC1 709.0 1.21 1.21 1.27
80× 40× 4-SC2 710.0 1.20 1.20 1.20

Mean 1.16 1.16 1.22
COV 0.070 0.070 0.041

duplex material are not covered by the AS/NZS Stan-
dard. Therefore, the values of S31803 (duplex) given
in Table 3.4.2 of the AS/NZS Standard were used to
calculate the buckling stress. The calculation of effec-
tive areas was based on clause 2.2.1.2 of the standard.
Similarly, the corner areas were considered as fully
effective.
In European code, the design strengths of stub

columns were calculated based on the resistance of
cross-sections in compression.According to clause 5.1
of EC3 Part 1.4 (EC3, 2006a), the design strengths of
stub columns were calculated based on clause 6.2.4 of
the EC3 Part 1.1: General rules and rules for buildings
(EC3, 2005). Section classification of the specimens
according to Table 5.2 of the EC3 Part 1.4 for maxi-
mum width-to-thickness ratios for compression parts
are required to calculate the design strengths. In this
study, specimens SC1L150 and SC3L150 were classi-
fied as class 3 sections, whereas specimens SC2L150,
SC4L210, SC5L300 and SC6L450 were classified as
class 4 sections. According to clause 5.2.3 of the EC3
Part 1.4, the effective widths (beff ) were calculated
based on EC3 Part 1.5: Plated structural elements
(EC3, 2006b), except that the reduction factor (ρ) was
calculated by Equation 5.1 of the EC3 Part 1.4 for
cold-formed or welded internal elements.
The stub column test strengths obtained from this

study and the available data were compared with
the unfactored design strengths predicted by the
ASCE Specification (ASCE, 2002), AS/NZS Stan-
dard (AS/NZS, 2001) and European Code (EC3,
2006a) for the stainless steel structures, as shown in
Table 5. The design strengths predicted by the ASCE,
AS/NZS and EC3 Specifications are all conservative,
except for the prediction to specimen SC2L150 by
ASCE Specification andAS/NZS Standard. The mean
values of PExp/PASCE , PExp/PAS/NZS and PExp/PEC3
ratios are 1.16, 1.16 and 1.22 with the corresponding
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coefficients of variation (COV) of 0.070, 0.070 and
0.041, respectively. Generally, the EuropeanCode pro-
vides the most conservative predictions, while the
American Specification and the Australian and New
Zealand Standard are less conservative. The design
strengths of the stub column specimens were calcu-
lated using the material properties obtained from the
flat coupons. Therefore, the conservativeness of the
design predictions is due to the effect of cold-working
in the cold-forming process, where the corners of the
sections have a relatively higher strength than the flat
portions. Furthermore, the conservative predictions by
the EC3 Code implied the possible inappropriateness
in Classification limit and the effective width calcula-
tion for lean duplex stainless steel. Further study for
the improvement of EC3 Code is recommended.

8 CONCLUSIONS

The behaviour of cold-formed lean duplex stainless
steel sections has been investigated. The test spec-
imens were cold-rolled from lean duplex stainless
steel. Initial local geometric imperfections of these
sections were measured. The membrane and bend-
ing residual stresses were also measured using the
method of sectioning, and the residual stress distri-
butions in the cross-section of the specimen were
plotted. Tensile coupon tests were conducted in flat
portion and corner of the cross-section for each sec-
tion. It is shown that the material properties of 0.2%
proof stress and ultimate tensile strength of the cor-
ner coupons increased up to 41% and 43% compared
with the flat coupons due to cold-working process,
respectively. Stub column tests were also conducted
to determine the material properties of the complete
cross-section in the cold-worked state. Furthermore,
the stub column test strengths obtained from this study
together with the available test data were compared
with the design strengths predicted by the American,
Australian/New Zealand Standard and European spec-
ifications for stainless steel structures. It is shown that
the design strengths predicted by the three specifica-
tions are generally conservative for the cold-formed
lean duplex stainless steel stub columns, of which the
EC3 Code provids the most conservative prediction
and theASCESpecification provides less conservative
prediction.
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ABSTRACT: Over the last two decades, there has been an increasing interest in the use of stainless steels in
structural applications. This interest can be attributed to different reasons; such as the aesthetic considerations,
excellent corrosion resistance and low life-cycle cost of stainless steels. The metallurgical microstructure of
stainless steels may be ferritic, martensite, austenitic or austenitic-ferritic. Each alloy has different properties
with respect to strength, stiffness and corrosion resistance.Thework described in this paper is limited to austenitic
stainless steel, specifically Polarit 725 (or EN 1.4301). A two-dimensional finite-element model was developed
using MATLAB software to calculate the biaxial bending moment capacity of different open and tubular cold-
formed stainless steel sections subjected to elevated temperatures.
In this paper, the focus is given to Rectangular Hollow Sections (RHS), where a rectangular tubular section

has been analyzed under different temperature distribution models. These models vary according to fire location
and the position of structural member cross section relative to building partitions. Different linear and non-
linear temperature distribution models were used in the finite-element model presented in this paper. The model
was validated against published experimental work, as good agreement has been achieved between the finite-
element model predictions and the experimental results. The presented finite-element model can be used as a
simple design tool to predict the bending moment capacity of stainless steel tubular sections in fire.

1 INTRODUCTION

The interest in the use of stainless steel as a struc-
tural material is increasing. Although stainless steel is
an expensive construction material when compared to
carbon steel, it has several special structural applica-
tions. Besides the architectural appealing of stainless
steel, other advantages such as corrosion resistance,
ease of maintenance and low-life cycle cost are among
the reasons for specifying stainless steel in certain
structural applications. The metallurgical microstruc-
ture of stainless steels may be ferritic, martensite,
austenitic or austenitic-ferritic. Each stainless steel
alloy type has different properties with respect to
strength, stiffness and corrosion resistance.Austenitic
stainless steels exhibit greater strength retention than
carbon steel above 550◦C due to the different crys-
tal structure of the two metals. In addition, austenitic
stainless steels do not undergo a structure change at
the range of elevated temperatures relevant to fire-
resistance design. The study presented in this paper
is limited to austenitic stainless steels, specifically
Polarit 725. Over the last two decades, significant
progress has beenmade in the research of the structural

behaviour of stainless steel members, as a consider-
able number of researchers focussed their work into
this scope, such as Rasmussen and Hancock (1993),
Mirambell and Real (2000),Young and Liu (2003) and
Gardner and Nethercot (2003 & 2004). However, fire
resistance of stainless steels has received less atten-
tion, since a relatively small number of researchers
directed their research work into this area, such as
Ng and Gardner (2007) and Vila Real et al. (2008).
In elevated-temperature environments, stainless steels
can be efficiently used in several applications, such
as for boilers and pressure vessels, as well as struc-
tural applications where good corrosion resistance and
considerable fire resistance are both required.
Austenitic stainless steels exhibit different stress-

strain behaviour than carbon steel, since they have
different plateau of stress-strain curve. In addition,
austenitic stainless steels have non-linear stress-strain
relationship with no well defined yield stress. A few
researchers have studied and defined the stress-strain
relationship of different stainless steel alloys at ele-
vated temperatures, such as Ala-Outinen (1996), who
studied the fire resistance of two types of austenitic
stainless steels, Polarit 725 and Plarit 761 (conforming
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to material number EN 1.4301 or AISI 304 and EN
1.4571 or AISI 316 Ti, respectively). Tubular mem-
bers are increasingly used in modern construction
due to many reasons, such as their high strength to
weight ratios, which make them cost effective, and
the good resistance to compression, bending and tor-
sion. For cases in which the design stresses are largely
reduced by lateral buckling, tubularmembers aremore
favourable than open section members due to their
good moment of inertia about the minor axis of their
cross sections. Considerable research work has been
done to investigate the structural behaviour of different
stainless steel cross-section profiles, such as the work
carried out by Ashraf et al. (2006) and Theofanous
et al. (2009).
Conducting fire-resistance tests is very important to

study the behaviour of stainless steel structural mem-
bers that are built of different tubular cross-section
profiles, such as rectangular, square, elliptical and
oval. However, finite-element modelling allows for
expanding the range of research and extending the
study to investigate other parameters that have not
been experimentally examined. A simple and easy-
to-use 2D finite-element model has been developed
usingMATLABsoftware in order to calculate the biax-
ial bending moment capacity of different open and
tubular cold-formed stainless steel sections subjected
to elevated temperatures. In this paper, the focus is
given to rectangular hollow sections (RHS), which
have been analyzed under different temperature dis-
tribution models that varied according to fire location
and cross section position relative to building possi-
ble partitions, i.e. slab and/or walls. Different linear
and non-linear temperature distribution models were
used in the FE model. The bending capacity of the
stainless steel RHS subjected to the different tem-
perature distribution models is expressed in terms of
moment utilization factors, mx and my, about both
major and minor axes of the cross section, respec-
tively. The moment utilization factor is defined here
as the ratio of the cross-section bending moment resis-
tance at elevated temperature to its bending moment
capacity at normal temperature.

2 FE MODEL DESCRIPTION

2.1 Discretization

In the two-dimensional finite-element model pre-
sented in this paper, the RHS was divided into three
main zones; the flange, the web and the corner zone,
and then was discretized into a number of finite ele-
ments (N). For each flange with a flat width of b, its
width was divided into a number of horizontal ele-
ments equal to (NFH),while its thickness twas divided
into a number of vertical elements equal to (NFV).
Accordingly, each finite element in the flange zone
has an area equal to [(t/NFV)× (b/NFH)]. Similarly,
each element in the web zone has an area equal to
[(t/NWH)× (h/NWV)], where t and h are the web

Figure 1. Discretized rectangular hollow section.

thickness and depth, respectively. For the section cor-
ners, the corner curved length lc was divided into a
number of tangential elements equal to (NT), while
the section thickness at the corners t was divided into
a number of elements in the radial direction equal to
(NR).Accordingly, each element in the corner zone has
an area equal to [(t/NR)× (lc/NT)]. Figure 1 shows a
discretized cross sectionwith a constant number of ele-
ments through its thickness in all zones, as NFV, NWH
andNRwere taken equal to 4.The FEmodel presented
in this paper allows the input of any required number
of elements for each zone of the cross section without
restrictions. However, trial runs with different num-
bers of elements through the section thickness were
conducted prior to the final run of the model in order
to test the most effective number. It was found that
three or four layers of elements through the thickness
of the cross section is the optimum choice.

2.2 Thermal boundary conditions

During fire action, a typical temperature distribution
for the cross section of a structural member is hard to
achieve. It is common to have non-homogeneity of the
temperature distribution in the cross section of a struc-
tural member.Two different types of models have been
considered in this study; the linear and non-linear tem-
perature distribution models that were developed by
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Figure 2. Linear temperature distribution models.

Kruppa (1975) and McLaughlin (1970), respectively.
For the linear temperature distribution, three models
were used in the finite-element model, Figure 2.
In these temperature distribution models, the tem-

perature varies linearly either in one direction or in
both vertical and horizontal directions according to the
existing building partitions, such as slab and/or walls.
The temperatures of the finite elements in the cross
section vary from the maximum temperature Tmax to
the minimum temperature Tmin with a gradient α. This
gradient varied according to the degree of fire proof of

Figure 3. Non-linear temperature distribution models.

the building partition, and takes the value of 0.0, 0.2
or 0.4, as suggested by Kruppa (1975).
For the non-linear temperature distribution, three

other models were used in the finite-element model
presented in this paper, Figure 3.
Based on the non-linear temperature distribution

models developed by Mclaughlin (1970), Equations
1 and 2 were used to calculate the temperatures of the
cross section lower flange TL and upper flange TU ,
respectively.
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where Ti = fire temperature; To = normal tempera-
ture; and S = exposure factor.
The section exposure factor S recognizes the por-

tion of the cross-section web that is exposed to cold
air. It is equal to zero for the face-exposed condition
as in Model 1, and is equal to 0.5 for the partially-
exposed condition as inModel 2, while it takes a value
of 1.0 for the mostly-exposed condition as in Model
3 of the non-linear temperature distribution models
shown in Figure 3. After calculating the temperatures
of the cross-section lower and upper flanges, the tem-
perature of each finite element in the cross section
can be accurately estimated in both the hot and cold
sides of the cross section using Equations 3 and 4,
respectively.

where; y= vertical distance from the element center
to x-axis; and D= cross-section total depth.

2.3 Material properties

After calculating the temperature of each finite ele-
ment in the cross section, the reduction factors for the
yield strength and modulus of elasticity of the Polarit
725 stainless steel (or EN 1.4301) that are prescribed
in Eurocode 3, Part 1.2 (2005), were used in the finite-
element model in order to calculate the stainless steel
material properties at elevated temperatures.

3 ANALYSIS PROCESS

3.1 General

Different degrees of non-linearity were considered in
the analysis of the finite-element model presented in
this paper, such as the material non-linearity and the
temperature distribution non-linearity across the tubu-
lar cross section, which appears due to the existence
of building partitions. In addition, local buckling of
the thin walls of the cold-formed tubular section was
taken into consideration in the analysis process of the
FE model.

3.2 Element’s critical stress

The reduced yield stress for each finite element of the
cross section was calculated based on the tempera-
ture distribution model in use. In addition, the critical
buckling stress for the rectangular plates forming the

walls of the cross section was predicted using Equa-
tion 5, which was developed byVan Den Berg (1998),
in order to consider the local buckling effects in the
cross section walls.

where fcr = critical local buckling stress; η= plasticity
reduction factor; k = buckling coefficient; E = elastic
modulus; v= Poisson’s ratio; w=width of the flat
part; and t = thickness of the flat part.
The buckling coefficient k depends on different

parameters, such as the edge rotational restraint, the
type of loading and the aspect ratio of the plate. Its
value is equal to 4 for stiffened compression plates,
as the case of tubular cross section walls. If local
buckling of a plate occurs under compressive stress
that exceeds the temperature-dependant proportional
limit of stainless steel, the resulting inelastic behaviour
is accounted for by the introduction of the plasticity
reduction factor η.
In Equation 5, the width of the flat partw is equal to

b in case of flanges and h in case ofweb, Figure 1.After
calculating both the critical local buckling stress and
the temperature-dependant yield stress for each com-
pressed element in the cross section, the least value
was considered as the governing stress for such ele-
ment. For tensioned elements, the governing stress is
always the temperature-dependant yield stress.

3.3 Neutral axis position

By determining the critical stress and the area of each
finite element, the force developed in each element can
be calculated.Afterwards, iterative technique based on
the assumption of initial position and rotation of the
neutral axis is followed in the finite-element model
analysis process. The assumed initial position of the
neutral axis divides the cross section into tension and
compression parts. The element is considered to be
in one of these parts according to the coordinates of
its center with respect to the neutral axis. After sum-
ming up the forces developed in the elements on each
side of the neutral axis, a balance check for total force
equilibrium of the cross section is carried out.The iter-
ation is considered to be successful if the difference
between tension and compression forces is smaller
than 3%, hence the assumed coordinates and orien-
tation of the neutral axis is to be considered valid,
otherwise additional iterations with new neutral axis
coordinates and orientations are needed until force
equilibrium is achieved.

3.4 Cross-section bending strength

A step-by-step numerical summation that takes into
consideration the different properties of each finite
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Table 1. Fire resistance of austenitic stainless steel beams,
Baddoo and Burgan (1998).

Moment Fire Critical
Beam resistance Utilization resistance temp.
section (kN ·m) factor (min) (◦C)

RHS 67.3 0.41 54.0 884
I-Shaped 61.0 0.28 69.0 944

element, such as its coordinates and minimum allow-
able stress σmin(i), was used to calculate the cross-
section bending moment resistances about x and y
axes at elevated temperatures, Mx(T ) and My(T ),
respectively.

4 MODELVALIDATION

4.1 Experiments

The finite-element model predictions were validated
against the experimental results obtained by Baddoo
and Burgan (1998). Their test program consisted of
full-scale fire-resistance tests on Polarit 725 austenitic
stainless steel beams and columns. The tests included
four columns of 3.4m long and two 4.25m beams sup-
porting concrete slabs. One of the beam specimens
had a rectangular hollow section with dimensions of
200× 125× 6.0mm, which was built using two cold-
formed channel sections welded at their flange tips.
The other beam specimen had an I-shaped section
with dimensions of 200× 150× 6.0mm that was built
using two cold-formed channel sections welded back
to back. A concrete slab was casted along the top of
each beam and was keyed to the beam top flange
using five steel lugs. The concrete slabs were seg-
mented in order to prevent composite action. The fire
tests were carried out in accordance with BS 476:
Part 21 (1987). The transverse loads were applied to
the beams through the concrete slabs by means of a
hydraulic loading rig. The applied loads were equally
distributed over four points spaced at 1.0m centers and
arranged evenly over the length of the beam. The total
applied load was 40.0 and 20.0 kN on the RHS and
I-shaped beam, respectively. Table 1 shows the exper-
imental results of the two beams, such as the moment
resistance, utilization factor, failure time and critical
temperature.

4.2 Results comparison

The finite-element model predictions of a RHS sub-
jected to the first non-linear temperature distribution
model, Model 1 shown in Figure 3, were compared
with the experimental results of the RHS beam test
carried out by Baddoo and Burgan (1998). Figure 4
demonstrates that the finite-elementmodel predictions
of the bending moment utilization factors are in good
agreement with the experimental values. As shown in

Figure 4. Comparison of the FE model predictions against
the experimental results.

Figure 4, the finite-element model results are con-
servative, where at 500◦C the finite-element model
predicted a utilization factor of bendingmoment about
x-axis equals to 0.58, while the experiment gave a
value of 0.69.
However, at failure temperature, 884◦C, the model

predicted a utilization factor of 0.27, while the experi-
ment gave a value of 0.41. The difference between the
test results and the model predictions can be attributed
to the existence of the concrete slab, which contributed
to the reduction of the temperature of the cross sec-
tion top flange, as the concrete slab worked as a heat
sink.Accordingly, the beam cross section experienced
slightly greater values of moment utilization factors
than the values predicted by the finite-element model,
which does not consider the concrete slab heat-sink
effects.

5 MODEL RESULTS

The finite-element model was employed to calcu-
late the utilization factors of the bending moment
for a RHS with dimensions of 200× 100× 6.0 mm
about both x and y axes, mx and my, respectively. In
this section, the numerical results obtained from the
finite-element model using the three suggested linear
temperature distribution models are presented, since
part of the results of the non-linear models is dis-
cussed in the model validation section of this paper.
Figure 5 illustrates a comparison of the finite-element
model predictions for the utilization factors of the
bending moment about x-axis for the three suggested
linear temperature distribution models shown in Fig-
ure 2. The utilization factors mx were calculated at
constant value of α equal to 0.2. From Figure 5, it
can be noticed that the utilization factor values of the
three linear temperature distribution models declined
with temperature increase in very similar trend. How-
ever, at temperatures above 700◦C the first linear
distribution model, Model 1, was found to give the
lowest utilization factor values; where at 900◦C the
RHS experienced a utilization factor of about 42%
compared to 53% and 51% for the second and third
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Figure 5. Comparison between the utilization factors mx of
the three linear temperature distribution models for RHS.

Figure 6. Comparison between the utilization factors my of
the three linear temperature distribution models for RHS.

temperature distribution models, Models 2 and 3,
respectively. This can be attributed to the fact that
in Model 1 the entire bottom flange of the section
was subjected to the maximum temperature in the sec-
tion, unlike the case of Models 2 and 3 with only half
of the bottom flange was subjected to the maximum
temperature.
Figure 6 illustrates a comparison of the finite-

element model predictions for the utilization factors
of the bending moment about y-axis for the three sug-
gested linear temperature distribution models shown
in Figure 2.
From Figure 6, it can be noticed that the utiliza-

tion factorsmy of the first and third linear temperature
distribution models, Models 1 and 3, declined with
temperature increase in very similar trend, while the
secondmodel,Model 2, gives considerable greater uti-
lization factor values up to a temperature of about
750◦C. However, at temperatures higher than 750◦C
the utilization factors from the second model, Model
2, started to decline more rapidly than the factors
obtained from the first and third models; where the
second model gave a utilization factor of only 33% at
900◦C compared to 54% for the first and third distri-
bution models. That is because in the second model,
Model 2, one of the section webs is completely sub-
jected to the maximum temperature, which makes
the elements in that web almost not to sufficiently

contribute to the section moment resistance about
y-axis, especially at very high temperatures.

6 CONCLUSION

A 2D finite-element model for unprotected cold-
formed RHS subjected to either linear or non-linear
temperature distributionmodel with different building
partitioning layouts was developed using MATLAB
software. The finite-element model was validated
against published experimental outputs of full-scale
fire-resistance tests. The comparisons demonstrated
that the finite-element model is capable of predicting
the bending moment capacities of a tubular stainless
steel section about both its major and minor axes at
elevated temperatures.
The finite-element model results show that the first

linear temperature distribution model, Model 1, gives
the most critical utilization factors of bendingmoment
about x-axis, while the second linear temperature
distribution model, Model 2, gives the most critical
utilization factors of bending moment about y-axis at
elevated temperatures.
Lastly, the presented finite-element model can be

used as a simple design tool to predict the bending
moment capacity of stainless steel tubular sections
subjected to elevated temperatures.
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Web crippling of ferritic stainless steel tubular members strengthened with
high modulus CFRP plate
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ABSTRACT: This paper presents a series of tests on strengthened ferritic stainless steel tubular members using
externally bonded high modulus Carbon Fibre-Reinforced Polymer (CFRP) plate. The CFRP plate strengthening
is only applied to a small localize region subjected to concentrated load. The tubular members of square and
rectangular hollow sections subjected to web crippling were tested.The web crippling tests were conducted under
two loading conditions of End-Two-Flange (ETF) and End-One-Flange (EOF). The tests were performed on five
different sizes of tubular sections.Tensile coupon tests were conducted to determine thematerial properties of the
ferritic stainless steel specimens. Most of the strengthened specimens were failed by debonding of CFRP plate
from the ferritic stainless steel tubes. Two different failure modes were observed in the tests of the strengthened
specimens, namely the adhesion failure as well as the combination of adhesion and cohesion failure. The failure
loads, failure modes and the load-web deformation behaviour of the ferritic stainless steel sections are also
presented in this paper.

1 INTRODUCTION

Themost commonly use of ferritic grade stainless steel
in structural application contain approximately 11.5%
chromium and 0.5% nickel. In this study, the ferritic
stainless steel type EN1.4003was used. Stainless steel
tubular structural members often experience web crip-
pling failure due to high local intensity of concentrated
loads or reactions. However, it is often difficult to
provide transverse stiffeners in square and rectangu-
lar tubular members. In the absence of the stiffeners,
the webs of cold-formed stainless steel members may
cripple due to concentrated bearing load. The web
crippling strength can be enhanced by FRP strength-
ening in the web of the sections in a localize region.
Thin-walled steel structural members subjected to web
crippling have been tested (Paker, 1984; Zhao & Han-
cock, 1995; Young & Hangcock, 2001 & 2004). Web
crippling of stainless steel tubular members have been
investigated by Zhou and Young (2006, 2007a &
2007b). However, these investigations did not con-
sider any strengthening in the web of the sections.
Little research is being reported on CFRP strength-
ening of stainless steel structures. Previous research
on strengthening of steel structures is mainly focused
on carbon steel members as summarized by Zhao &
Zhang (2007). Investigation of CFRP strengthened
aluminium tubular sections subjected to end bearing
force andweb crippling have been reported inWu et al.
(2012), and Islam &Young (2011). The use of CFRP
is an efficient method to strengthen metallic structural
membersWu et al. (2012). Strengthening of rectangu-
lar carbon steel tubes and light steel beamsusingCFRP

subjected to end bearing loads have been reported by
Zhao et al. (2006), Fernando et al. (2009), and Zhao &
Al-Mahaidi (2009). The stress-strain behaviour of
carbon steel and stainless steel is quite different.
Currently, there is little research on CFRP strength-

ening of stainless steel tubular sections under two load-
ing conditions for web crippling, and the two loading
conditions are End-Two-Flange (ETF) and End-One-
Flange (EOF) loadings. Different failure modes for
CFRP strengthened of metallic structures have been
reported (Schnerch, 2005; Xia & Teng, 2005; Zhao
et al., 2006; Zhao & Zhang, 2007; Fernando et al.,
2009; Zhao & Al-Mahaidi, 2009; Islam & Young,
2011; & Wu et al., 2012). In this study, a series of
web crippling tests of ferritic stainless steel tubular
structural members strengthened with high modulus
CFRP plate was conducted. The test specimens were
subjected to ETF and EOF loading conditions. The
tests were performed on five different square and
rectangular hollow sections.

2 MATERIAL PROPERTIES

Tensile coupon tests were carried out to determine
the material properties of the ferritic stainless steel
tubular members. The tensile coupons were extracted
from the centre of the web plate in the longitudi-
nal direction of the untested specimens. The tensile
coupon specimens were prepared and tested according
to the American (ASTM, 1997) and Australian (AS,
2007) standards for the tensile testing of metals using
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12.5mm wide coupons of gauge length 50mm. The
coupons were tested in a displacement controlled test-
ing machine using friction grips. Two strain gauges
and a calibrated extensometer of 50mm gauge length
were used to measure the longitudinal strain. A data
acquisition system was used to record the load and
strain at regular intervals during the tests. The static
load was obtained by pausing the applied straining for
1.5 minutes near the 0.2% tensile proof stress and ulti-
mate tensile strength. This allowed stress relaxation
associated with plastic straining to take place.
The chemical composition of the specimens given

by the mill certificates is shown in Table 1. Table 2
shows the material properties of the ferritic stainless
steel sections obtained from the tensile coupon tests
that includes the static 0.2% tensile proof stress (σ0.2),
static tensile strength (σu), initial Young’s modulus
(Eo), exponent of Ramberg-Osgood expression (n),
and elongation after fracture (εf ) based on a gauge
length of 50mm. The measured stress–strain curves
obtained from the tensile coupon tests were used to
determine the parameter n according to Ramberg-
Osgood expression (Ramberg and Osgood, 1943). A
comparison of the measured material properties with
the values given in the mill certificates for 0.2% ten-
sile proof stress, tensile strength and elongation after
fracture is shown in Table 3.
The highmodulus CFRP Sika CarboDur H514 lam-

inate platewas used for the strengthening of the ferritic
stainless steel tubular sections. It was shown that the
high modulus CFRP Sika CarboDur H514 laminate
plate and adhesive Araldite 2015 provided the best
strengthening performance for ferritic stainless steel
tubular sections subjected to web crippling (Islam &
Young, 2010). The high modulus CFRP laminate plate
had the nominal modulus of elasticity of 300 GPa,
ultimate tensile strength of 1500MPa, tensile strain
at fracture of 0.45% and thickness of 1.4mm. This
high modulus CFRP Sika CarboDur H514 laminate
plate was symbolized as ‘f’, which is the same sym-
bol used in Islam and Young (Islam &Young, 2010).
Furthermore, adhesive Araldite 2015 was used for the
strengthening of the ferritic stainless steel tubular sec-
tions in this study. The adhesive Araldite 2015 had
the measured tensile strength of 19.7MPa, modulus
of elasticity of 1.8GPa and tensile strain at fracture
of 3.3% based on a gauge length of 50mm coupon
test. The coupon test of the adhesive Araldite 2015 is
detailed in Islam andYoung (2011).

3 TEST SPECIMENSAND LABELLING

A test program on strengthening of ferritic stainless
steel tubular members using externally bonded CFRP
was conducted. The test specimens were subjected
to web crippling. A total of nineteen specimens was
tested under the End-Two-Flange (ETF) and End-
One-Flange (EOF) loading conditions. Both rectangu-
lar hollow sections (RHS) and square hollow sections
(SHS) strengthened with high modulus CFRP plate

Table 1. Chemical composition of ferritic stainless steel
material.

C Si Mn Cr Ni
Section (%) (%) (%) (%) (%)

F50× 50× 4 0.016 0.42 1.39 11.50 0.40
F60× 40× 3 0.011 0.32 1.12 11.27 0.55
F80× 80× 3 0.011 0.44 0.57 11.01 0.42
F100× 50× 3 0.011 0.44 0.57 11.01 0.42
F120× 40× 3 0.016 0.44 0.62 11.05 0.39

Table 2. Measured material properties of ferritic stainless
steel obtained from tensile coupon tests.

σ0.2 σu Eo εf
Test specimen (MPa) (MPa) (GPa) n (%)

F50× 50× 4 504 514 202.0 6.4 11.9
F60× 40× 3 430 446 201.1 5.3 15.1
F80× 80× 3 434 461 199.1 5.9 19.9
F100× 50× 3 472 487 204.3 4.8 10.0
F120× 40× 3 426 459 203.5 6.2 21.5

Table 3. Comparison of experimental results with results
from mill certificates.

Yield Ultimate
strength strength Elongation

Specimen σ0.2/σ0.2,mill σu/σu,mill εf /εf ,mill

F50× 50× 4 1.35 1.05 0.48
F60× 40× 3 1.35 0.95 0.50
F80× 80× 3 1.10 0.87 0.83
F100× 50× 3 1.19 0.92 0.42
F120× 40× 3 1.03 0.83 0.98

were considered. Five different section sizes were
investigated and the sizes of each test specimen are
shown in Table 2. The specimens had the nominal
thickness ranged from 3 to 4mm, the nominal depth
of the webs ranged from 50 to 120mm, and the
flange widths ranged from 40 to 80mm.Themeasured
web slenderness values (flat portion of web depth-
to-thickness) of the tubular sections ranged from 8.9
to 37.7. The measured dimensions of the test speci-
mens subjected to ETF and EOF loadings are shown in
Tables 4–5 using the nomenclature defined in Figure 1.
The test specimens of ferritic stainless steel type EN

1.4003 were used. The specimen lengths were deter-
mined according to theASCESpecification (2002) for
End-Two-Flange (ETF) loading condition. The clear
distance between opposed loads was generally set to
1.5 times the overall depth (d) of the web rather than
1.5 times the depth of the flat portion of theweb (h), the
latter being the minimum specified in the specifica-
tion. The bearing length of 50mmwas used. However,
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Figure 1. Definition of symbols of ferritic stainless steel
test specimen for web crippling tests.

the specimen length for EOF loading does not com-
ply with the ASCE specification (2002). This is due
to a high concentrate load applied to the middle of
the specimen and failure tends to occur near the mid-
length of the specimen. Therefore, reduced bearing
length and specimen lengthwere used for EOF loading
to avoid failure near the mid-length of the specimen.
The bearing length of 30mm was used for EOF load-
ing. In the EOF loading condition, the sections having
stocky webs were not considered in order to avoid
shear failure.
The test specimens were labelled such that the

type of material, nominal dimensions of the speci-
men, loading condition, type and number of CFRP
layer can be identified from the label as shown in
Tables 4–5. For example, the label “F100× 50× 3-
ETF-f1” defines the specimen as follows: The first
letter indicates the material type of the specimen,
where “F” refers to ferritic stainless steel. The fol-
lowing symbols are the nominal dimensions of the
specimen inmm,where 100× 50× 3 (d×b×t)means
the web depth= 100mm, flange width= 50mm and
thickness= 3mm. The following three letters indicate
the loading condition of End-Two-Flange (ETF). The
following two letters indicate the type and number of
carbon fibre-reinforced polymer (CFRP) layer, where
“f1” means Sika CarboDur H514 of one layer, but the
reference test specimen without CFRP is represented
as ‘0’. If a test was repeated, then the letter “R” indi-
cates the repeated test. The CFRP strengthened width
for all specimens was 50mmwhich is the same length
as the bearing length N , except for the EOF loading
condition as shown in Table 5. The width of CFRP
strengthening was 30mm at each end of the speci-
men and represented by the parenthesis in the label
for the EOF loading. The bearing length was also kept
at 30mm at each end of the specimen. For example,
the label “F100× 50× 3-EOF-f1(30)” where “(30)”
represent the CFRP width of 30mm.
Initial local geometric imperfections were mea-

sured on the specimens prior to testing. The geo-
metric imperfections along the web plate directions
were measured. Five readings of equal distance were
obtained along each web. The maximum measured
initial local geometric imperfections occurred in the

Table 4. Measured dimensions of CFRP strengthened
ferritic stainless steel tubular sections subjected to ETF
loading condition.

d b t ri L
Specimen (mm) (mm) (mm) (mm) (mm) h/t

F50× 50× 4-ETF-0 50.2 50.2 3.865 4.00 125.4 8.9
F50× 50× 4-ETF-f1 50.1 50.1 3.838 4.00 125.6 9.0
F50× 50× 4-ETF-f1-R 50.1 50.1 3.800 4.00 125.9 9.1
F60× 40× 3-ETF-0 60.0 40.2 2.773 3.00 140.6 17.5
F60× 40× 3-ETF-f1 60.0 40.0 2.703 3.00 140.4 18.0
F80× 80× 3-ETF-0 80.1 80.0 2.816 3.25 169.8 24.1
F80× 80× 3-ETF-f1 80.0 80.0 2.766 3.25 169.0 24.6
F100× 50× 3-ETF-0 100.2 50.0 2.804 2.75 201.1 31.8
F100× 50× 3-ETF-f1 100.1 50.1 2.761 2.75 200.0 32.3
F120× 40× 3-ETF-0 120.0 40.1 2.840 4.00 230.5 37.4
F120× 40× 3-ETF-f1 119.9 39.9 2.821 4.00 231.6 37.7

Table 5. Measured dimensions of CFRP strengthened
ferritic stainless steel tubular sections subjected to EOF
loading condition.

d b t ri L
Specimen (mm) (mm) (mm) (mm) (mm) h/t

F60× 40× 3-EOF-0 60.0 40.2 2.757 3.00 330 17.6
F60× 40× 3-EOF-f1(30) 60.0 39.9 2.720 3.00 330 17.9
F80× 80× 3-EOF-0 80.0 80.0 2.811 3.25 391 24.1
F80× 80× 3-EOF-f1(30) 80.0 80.1 2.756 3.25 390 24.7
F100× 50× 3-EOF-0 100.1 50.1 2.814 2.75 450 31.6
F100× 50× 3-EOF-f1(30) 100.1 50.0 2.806 2.75 451 31.7
F120× 40× 3-EOF-0 119.9 40.0 2.831 4.00 511 37.5
F120× 40× 3-EOF-f1(30) 120.1 39.9 2.821 4.00 510 37.7

Table 6. Maximum measured local imperfection of ferritic
stainless steel tubular sections.

Max. local imperfection
Specimen (mm)

F50× 50× 4 0.062
F60× 40× 3 0.078
F80× 80× 3 0.098
F100× 50× 3 0.131
F120× 40× 3 0.158

middle of the web plates.Themaximum imperfections
are 0.062, 0.078, 0.098, 0.131 and 0.158mm for F50×
50× 4, F60× 40× 3, F80× 80× 3, F100× 50× 3
and F120× 40× 3 respectively, as shown in Table 6.
The strength of the adhesive bond is directly propor-

tional to the quality of the surfaces to which it is mated
(Fawzia et al., 2007). It was found that the most suit-
able surface preparation method for ferritic stainless
steel is by sanding (Islam &Young, 2010). An electric
sanderwas used for the surface treatment of the ferritic
stainless steel sections.The silicon carbide 80medium
grit sand paper was used for the surface treatment.The
silicon carbide sand paper comprising an average par-
ticle size of 192μm was used in the electric sander.
The outer surfaces of the stainless steel sections were
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Figure 2. Loading conditions of web crippling tests.

Figure 3. Test setup of End-Two-Flange loading condition.

cleaned with acetone. The adhesive was then applied
uniformly on the CFRP plates and then attached onto
the ferritic stainless steel surfaces. The excess adhe-
sive and air were removed using a ribbed roller that
applied on the CFRP plates with a small amount of
force. The fibre direction was along the web direction.
The thickness of the adhesive layer was maintained
uniform.The adhesive thickness for most of the speci-
mens was found to be approximately 1.0mm. The test
specimens were tested after 7 days of curing at room
temperature.

4 WEB CRIPPLING TEST

Theweb crippling tests were conducted under the End-
Two-Flange (ETF) and End-One-Flange (EOF) load-
ing conditions as specified in theASCE Specification
(2002), as shown in Figure 2. Photographs of the test
setup of ETF and EOF loading conditions are shown
in Figures 3 and 4, respectively. A servo-controlled
hydraulic testing machine was used to apply a con-
centrated compressive force to the test specimens.
Displacement control was used to drive the hydraulic
actuator at a constant speed of 0.3mm/min for all tests.
Two identical bearing plates with half round of the
same width were positioned at the end of the speci-
men for ETF loading condition. The hinge supports
were simulated by two half rounds. Four LVDT trans-
ducers were used to record the web deformations of
the specimens for ETF loading condition as shown in
Figure 3.

Figure 4. Test setup of End-One-Flange loading condition.

Two identical bearing plates of the same width were
positioned at both ends of the specimens for EOF load-
ing condition. Half round and round bar were used to
simulate the hinge and roller supports at the ends of
the specimen. The mid-length of the specimen was
subjected to concentrated applied load, and stiffened
plates and wooden block were used to prevent web
crippling failure at mid-length of the specimen.
The wooden block was inserted into the mid-length

of the ferritic stainless steel tubular sections. Four
transducers were used to measure the web deforma-
tions of the specimens between the bearing plates and
the top flanges of the specimens, as shown in Figure 4.

5 TEST RESULTSAND DISCUSSION

The tests without the CFRP plate strengthening were
conducted as reference and the specimens failed by
web crippling. The failure modes of each test speci-
men are listed inTables 7–8.Thewebs of the specimens
were buckled outward. In this study, two main failure
modes were observed for the CFRP plate strengthened
ferritic stainless steel tubular members. The adhesion
failure and the combination of adhesion and cohe-
sion failure subjected to ETF loading condition are
shown in Figure 5. The failure mode of specimen
F120× 40× 3 strengthened by CFRP plate is shown
in Figure 6 for EOF loading condition. The adhe-
sion failure was found at physical interface between
the adhesive and the adherents, whereas the cohesion
failure is fully controlled by the adhesive properties.
The effects of adhesive and FRP on the failure modes
of strengthened stainless steel and aluminium tubular
members subjected to web crippling are detailed in
Islam &Young (2010, 2011).
The contribution of the CFRP plate relies on the

stress transfer mechanism of the adhesive layer for
strengthening of ferritic stainless steel tubular sec-
tion. Hence, the enhancement of the ultimate load of
such strengthening is often governed by the failure of
the adhesive layer. The CFRP plates were found to be
debonded from the ferritic stainless steel tubes for all
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Figure 5. Twodifferent failuremodes ofCFRP strengthened
ferritic stainless steel specimens subjected to ETF loading
condition.

Figure 6. Failure mode of CFRP strengthened ferritic
stainless steel F120× 40× 3-EOF-f1 section subjected to
EOF loading condition.

of the specimens.The debondingwas initiated from the
end of the CFRP plate that experienced high interfa-
cial stresses, and the debonding gradually propagated
towards the mid-height of the webs.
Figures 7–8 show the load-web deformation plots

of the specimens. It is shown that the initial crack-
ing propagated to a certain limit and then the CFRP
suddenly debonded, hence, caused the load to drop
suddenly. The adhesion failure was observed for all
the specimens with CFRP strengthening, except for
F100× 50× 3-ETF-f1, F120× 40× 3-ETF-f1, and
F100× 50× 3-EOF-f1(30) where combination of
adhesion and cohesion failure was found for these
specimens as shown in Tables 7–8.
Theweb crippling test strengths per webwith CFRP

(Pu) and without CFRP (Pu0) plates are shown in
Tables 7–8 for ETF and EOF loading conditions.
The reference tests without CFRP plate were also
conducted. The web slenderness (h/t) ratio of the fer-
ritic stainless steel tubular sections is ranged from

Table 7. Test results of CFRP strengthened ferritic stainless
steel tubular sections subjected to ETF loading.

Pu Failure
Specimen h/t (kN) Pu/Pu0 mode

F50× 50× 4-ETF-0 8.9 39.5 1.00 W
F50× 50× 4-ETF-f1 9.0 43.8 1.11 A
F50× 50× 4-ETF-f1-R 9.1 43.3 1.10 A
F60× 40× 3-ETF-0 17.5 23.7 1.00 W
F60× 40× 3-ETF-f1 18.0 26.8 1.13 A
F80× 80× 3-ETF-0 24.1 23.0 1.00 W
F80× 80× 3-ETF-f1 24.6 26.9 1.17 A
F100× 50v3-ETF-0 31.8 24.4 1.00 W
F100× 50× 3-ETF-f1 32.3 30.5 1.25 A+C
F120× 40× 3-ETF-0 37.4 20.7 1.00 W
F120× 40× 3-ETF-f1 37.7 31.2 1.51 A+C
W=Web buckling failure A=Adhesion failure and
C=Cohesion failure A+C=Combination of adhesion and
cohesion failure.

Table 8. Test results of CFRP strengthened ferritic stainless
steel tubular sections subjected to EOF loading.

Pu Failure
Specimen h/t (kN) Pu/Pu0 mode

F60× 40× 3-EOF-0 17.6 26.2 1.00 W
F60× 40× 3-EOF-f1(30) 17.9 26.6 1.02 A
F80× 80× 3-EOF-0 24.1 26.1 1.00 W
F80× 80× 3-EOF-f1(30) 24.7 27.1 1.04 A
F100× 50× 3-EOF-0 31.6 29.1 1.00 W
F100× 50× 3-EOF-f1(30) 31.7 31.3 1.08 A+C
F120× 40× 3-EOF-0 37.5 25.1 1.00 W
F120× 40× 3-EOF-f1(30) 37.7 27.9 1.11 A

W=Web buckling failure A=Adhesion failure and
C=Cohesion failure A+C=Combination of adhesion and
cohesion failure.

8.9 to 37.7. It is shown that as the web slender-
ness (h/t) ratio increases, the web crippling load
enhancement also increases for the two loading con-
ditions. For ferritic stainless steel sections F50×
50× 4, F60× 40× 3, F80× 80× 3, F100× 50× 3
and F120× 40× 3 having the measured web slender-
ness values of 9.0, 18.0, 24.6, 32.3 and 37.7 subjected
to ETF loading, the enhancement of web crippling
loads per web (Pu) was found to be 11%, 13%, 17%,
25%, and 51%, respectively, as shown in Table 7.
It is shown that the web crippling strength enhance-

ment for the ferritic stainless steel specimens with
slender web increasedmore than those specimenswith
relatively compact web. The maximum enhancement
of web crippling strengths per web (Pu) was found
to be 2%, 4%, 8% and 11% for specimens had a
30mm width of CFRP strengthening at each end of
the specimens subjected to EOF loading condition for
sections F60× 40× 3, F80× 80× 3, F100× 50× 3
and F120× 40× 3, respectively, as shown in Table 8.
The load enhancement is more pronounced for ETF

loading condition. Therefore, the CFRP strengthening
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Figure 7. Load-web deformation behaviour of F100×
50× 3 and F120× 40× 3 sections subjected to ETF loading
condition.

Figure 8. Load-web deformation behaviour of F100×
50× 3 and F120× 40× 3 sections subjected to EOF loading
condition.

against web crippling is found to be more effective for
specimens subjected to ETF loading condition. The
load-webdeformationbehaviour of F100× 50× 3 and
F120× 40× 3 specimens subjected to ETF and EOF
loading conditions are plotted in Figures 7–8. It was
observed that considerable increase in load carrying
capacity due to CFRP strengthening for specimen
F120× 40× 3 as shown in Figure 7.
Figure 9 depicts the web crippling load ratio

(Pu/Pu0) against the web slenderness (h/t) for the
ETF loading condition. The web crippling strengths
of CFRP strengthened ferritic stainless steel tubular
sections were increased up to 51% and 11% for ETF
and EOF loading conditions, respectively.

6 CONCLUSIONS

The ferritic stainless steel tubular members strength-
ened with high modulus carbon fibre-reinforced

Figure 9. Load enhancement of CFRP strengthened fer-
ritic stainless steel sections subjected to ETF loading
condition.

polymer subjected to web crippling were tested. The
high modulus CFRP Sika CarboDur H514 laminate
plate and adhesive Araldite 2015 were used for the
strengthening of the ferritic stainless steel tubular
sections. The tubular sections of square and rectan-
gular hollow sections were used in the investigation.
A series of web crippling tests was conducted under
End-Two-Flange (ETF) and End-One-Flange (EOF)
loading conditions. It was found that the specimens
strengthened with CFRP plate failed by either adhe-
sion or combination of adhesion and cohesion failure.
The failure modes, failure loads and load-web defor-
mation behaviour of the ferritic stainless steel sections
have also been presented. It is shown that the enhance-
ment of the web crippling load increases as the web
slenderness increases for both loading conditions. The
web crippling strengths of CFRP strengthened ferritic
stainless steel tubular sections were increased up to
51% and 11% for ETF and EOF loading conditions,
respectively.
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ABSTRACT: To maintain consistency with carbon steel design guidance, the current European design code
for stainless steel structures EN 1993-1-4 employs many of the relevant design expressions from the equivalent
carbon steel design code EN 1993-1-1. While this is generally satisfactory, there are a number of instances in
which overly conservative designs result. Given the high initial material cost of stainless steel, the derivation of
more economic design expressions in accordance with the actual material response is warranted. To this end,
the Continuous Strength Method (CSM) has been developed and verified against experimental and numerical
results.To date, the scope of theCSMhas been restricted to stainless steel cross-sections subjected to compression
or uniaxial bending. The present paper aims to extend the scope of application of the CSM to cross-sections
subjected to more general loading conditions likely to occur in practice. Furthermore, a simplified version of
the CSM, with a more straightforward base curve and material model, but still capturing the essential strain
hardening features of stainless steel, is considered. The comparisons show that the simplifications lead to very
little loss of accuracy and will be developed further in future studies.

1 INTRODUCTION

Stainless steel tubular members are gaining increas-
ing usage in modern construction practice due to their
favourable structural properties, excellent durability
and aesthetic appeal. Owing to the attempt to main-
tain consistency with carbon steel design guidance,
the current European design guidance for stainless
steel structures EN 1993-1-4 (2006) employs many
of the relevant design expressions from the equiva-
lent carbon steel design code EN 1993-1-1 (2005).
While this generally leads to satisfactory designs,
numerous researchers (Burgan et al. 2000, Gardner &
Theofanous 2008) have demonstrated that the cur-
rently codified design expressions for cross-section
capacity are unduly conservative, as they do not
account for the significant strain hardening exhibited
by stainless steel components of low and intermedi-
ate slenderness. Given the high initial material cost of
stainless steel, the derivation of more economic design
expressions in accordance with the actual material
response is warranted.
To this end, theContinuous StrengthMethod (CSM)

has been developed by Gardner & Nethercot (2004a,
2004b),Ashraf et al. (2008), Gardner (2008) andGard-
ner
et al. (2011) and verified against experimental and
numerical results. More recently, the CSM has
been modified to account for the effect of element

interaction on cross-section capacity (Theofanous &
Gardner 2012) by utilizing the cross-section slender-
ness concept, similar to the Direct Strength Method
(DSM), which originated from Schafer (2008) for
cold-formed steel and was adapted to stainless steel
by Becque et al. (2008).
To date the scope of the CSM has been restricted

to stainless steel cross-sections subjected to com-
pression or uniaxial bending, for which a significant
pool of experimental data is available (Gardner &
Theofanous 2008). Experimental (Talja&Salmi 1995,
Burgan et al. 2000) and numerical (Greiner & Kettler
2008) research in stainless steel members subjected to
more complex loading arrangements remains scarce
and mainly focuses on beam-column response, whilst
the cross-section response under combined compres-
sion and bending remains largely unverified. Despite
the provision of interaction equations for stainless
steel beam-columns in EN 1993-1-4 (2006), no spe-
cific guidelines are given for the cross-section capacity
of stocky (Class 1 and 2) cross-sections under com-
bined compression and bending; these are designed
according to the respective carbon steel provisions
(EN 1993-1-1 2005) that allow for nonlinear inter-
actions for Class 1 and 2 cross-sections. Hence, the
nonlinear response of stainless steel is not accounted
for and a rigid plastic material model is assumed at
cross-sectional level. In the present paper the results
of an extensive parametric study of rectangular hollow
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sections (RHS) subjected to a combination of loads are
presented, which allow for the assessment of current
and the suggestion of novel interaction equations for
stainless steel sections under combined loads.

2 NUMERICAL MODELLING

For all numerical studies presented herein the general-
purpose FE software ABAQUS (2006) has been used.
A full account of the basic assumptions adopted in
the current paper for the model generation is given
in Theofanous & Gardner (2012). In short, a geo-
metrically and materially nonlinear analysis has been
conducted for each cross-section and loading case con-
sidered. Prior to the nonlinear analysis an eigenvalue
buckling analysis was performed to obtain the low-
est buckling mode shape, which was introduced as the
geometric imperfection pattern with a suitable ampli-
tude (Gardner & Nethercot 2004c, Dawson &Walker
1972) w0 = 0.023(f0.2/fcr)t, fcr being the elastic criti-
cal buckling stress of the most slender plated element
of the cross-section. Typical lowest elastic buckling
mode shapes and corresponding failure modes for an
SHS 100× 100× 5 and an RHS 200× 100× 5 cross-
section subjected to biaxial bending and compression
are depicted in Figures 1 and 2 respectively.

Figure 1. Lowest buckling mode shape and failure mode
for a SHS subjected to combined compression and biaxial
bending.

Figure 2. Lowest buckling mode shape and failure mode
for a RHS subjected to combined compression and biaxial
bending.

The adopted material model was a two-stage
Ramberg-Osgood law (Mirambell & Real 2000,
Rasmussen 2003, Gardner & Nethercot 2004a) with
the material properties given in Table 1, which cor-
respond to typical values of austenitic stainless steels
(Groth & Johansson 1990), where E is the Young’s
modulus, f0.2 and f1.0 are the stresses correspond-
ing to 0.2% and 1% plastic strain respectively and n
and n0.2,1.0 are strain-hardening exponents (Gardner &
Nethercot 2004a).
The effect of incorporating residual stresses in

numerical models has been studied in detail by
Jandera et al. (2008). In accordance with similar stud-
ies (Gardner&Nethercot 2004c), the effect of residual
stresses was not explicitly modeled. Moreover the
well-documented pronounced effect of cold-forming
on corner material properties, which results in sig-
nificant corner strength enhancements has also been
neglected, in order to simplify the analysis of the
results and the derivation of novel interaction curves.
Relevant literature (Cruise & Gardner 2008, Ashraf
et al. 2006, Rossi et al. 2009) provides suitable meth-
ods to quantify such an effect for various material
properties, cross-sections and production routes.
Two aspect ratios (SHS 100× 100 and RHS

200× 100) and five wall thicknesses (3, 4, 5, 6 and
8 mm) have been considered in the present study,
thereby encompassing a wide range of cross-section
slenderness.Themid-surface of the cross-sectionswas
modelled with a relatively fine uniform mesh of lin-
ear reduced integration finite strain shell elements
S4R (ABAQUS 2006). In order to reduce computa-
tional time, symmetry was exploited by modelling
half the member length and applying suitable sym-
metry boundary conditions. The nodes of the end
cross-section were constrained to displace and rotate
as a rigid body and were restrained against in plane
displacements and rotation about the member axis.
A compressive force and moments about the princi-

pal axes were applied simultaneously on the centroid
of the end cross-section, which were increased propor-
tionally until failure. In order to simulate amultitude of
loading conditions likely to occur in practice, the ratio
of the bendingmoments about either axis to the applied
compression force (i.e. eccentricities of the applied
compression force) was varied significantly. In partic-
ular, for a given compression force the initially applied
bending moment about each axis was obtained by
assuming a linear elastic stress distribution and vary-
ing the stress ratio of the webs of the cross-section
from -0.75 to 1 (corresponding to pure compression)
with a step of 0.25, resulting in 8 stress ratios per

Table 1. Adopted material properties.

E f0.2
Material (N/mm2) (N/mm2) f1.0/f0.2 n n0.2,1.0

Austenitic 200000 306.1 1.2 5.6 2.7
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axis and hence 64 load combinations in total.An addi-
tional 11 analyses were performed for each section to
simulate the special case of biaxial bending with var-
ious moment ratios, without the presence of an axial
force. In total, 75 loading arrangements were consid-
ered for each cross-section thereby resulting in 750
analyses. Scripting in Python was employed to utilize
the parametric capabilities ofABAQUS (2006). Based
on the obtained results, current design provisions are
assessed in the following sections of the paper.

3 ASSESSMENT OF CURRENT DESIGN
GUIDANCE

The design provisions for stainless steel components
under combined bending and axial compression codi-
fied inEN1993-1-4 (2006) focus primarily onmember
instability; cross-section response under combined
loads is not covered in detail. Stress redistribution
within a cross-section subjected to combined compres-
sion and biaxial bending is allowed for, provided that
the section is classified as Class 1 or 2, by adopting the
relevant carbon steel provisions (EN 1993-1-1 2005).
The codified interaction expressions of EN 1993-1-1
(2005) for a stocky (i.e. Class 1 or 2) RHS is given by
Equation 1:

where NEd, MEd,y and MEd,z are the applied loads
and MN,y,Rd and MN,z,Rd are the plastic moment resis-
tances about the relevant axis, reduced due to the axial
force NEd and n=NEd/(Afy). The design expressions
for MN,y,Rd and MN,z,Rd are given in EN 1993-1-1
(2005). For Class 3 andClass 4 sections, themaximum
longitudinal stress due to the applied loads should
be smaller than the yield stress fy, which effectively
results in a linear interaction equation.
For each simulated cross-section and each load

case (i.e. eccentricities of the applied compression
force) considered, a triplet of axial force NEd, bend-
ing moment about the major axis MEd,y and bending
moment about the minor axis MEd,z was obtained,
thus enabling the determination of interaction surfaces
in the (NEd, MEd,y, MEd,z) space and the assessment
of current interaction equations. This is done in the
following sub-sections for the cases of axial com-
pression and uniaxial bending, biaxial bending and
compression and biaxial bending. In the following
Figures, Wpl,y, Wpl,z are the section plastic moduli
about the respective principal axes, Aeff is the effec-
tive cross-section area (gross area for Classes 1-3),
βw = 1 for Class 1 or 2 cross-sections, βw =Wel/Wpl

for Class 3 cross-sections and βw =Weffl/Wpl and fy is
the nominal yield stress f0.2. Compression and uniaxial
bending
The numerically obtained loads at failure for cross-

sections subjected to axial compression and uniaxial

bending normalized by the respective codified resis-
tances are depicted in Figures 3–5 for SHS and RHS
subjected to compression and minor axis bending and
RHS subjected to compression and major axis bend-
ing respectively. The Eurocode nonlinear interaction
curve applicable to cross-sections classified as Class
1 or 2 and the linear interaction applicable to Classes
3 and 4 are also included. Massive sentence.
As evidenced in Figures 3–5, the current design

provisions of EN 1993-1-4 (2006) are unduly con-
servative for cross-sections subjected to compression
and uniaxial bending. The level of conservatism

Figure 3. Interaction of axial compression and uniaxial
bending (NEd +MEd,z, MEd,y = 0) for SHS.

Figure 4. Interaction of axial compression and minor axis
bending (NEd +MEd,z, MEd,y = 0) for RHS.

Figure 5. Interaction of axial compression and major axis
bending (NEd +MEd,y, MEd,z = 0) for RHS.
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Figure 6. Interaction of major and minor axis bending
(MEd,z +MEd,y, NEd = 0) for SHS.

Figure 7. Interaction of major and minor axis bending
(MEd,z +MEd,y, NEd = 0) for RHS.

increaseswith decreasing slenderness as shown in Fig-
ures 3 and 5, where an increased scatter of the results
can be observed and stocky cross-sections can reach
capacities well beyond their plastic moment resis-
tances. In Figure 4 it can be observed that both the
scatter of the results and the embedded conservatism
for RHS subjected to axial compression and minor
axis bending decrease. This is attributed to the high
slenderness of the simulated cross-sections; with the
exception of RHS 200× 100× 8, which is classified
as Class 1, the remaining RHS are Class 4.

3.1 Biaxial bending

Figures 6 and 7 depict the major and minor axis
bending resistances normalized by the respective cod-
ified resistances, together with the codified interac-
tion curve for stocky (Class 1 and 2) cross-sections
and the linear interaction curve for semi-compact
and slender cross-sections (Classes 3 and 4). A high
degree of conservatism and scatter in the predictions
can be observed.

3.2 Compression and biaxial bending

For the more general case of cross-sections subjected
to compression and biaxial bending, similar remarks
on the conservatism and scatter of the predictions to

Figure 8. Interaction surface for SHS 100× 100× 8.

Figure 9. Interaction surface for RHS 200× 100× 3.

the ones made for the more simplified loading cases
previously hold. Rather than interaction curves, inter-
action surfaces can be obtained from the numerical
failure loads. Figures 8 and 9 depict the interaction
surfaces of SHS100× 100× 8 andRHS200×100× 3
as typical examples of a stocky and a slender cross-
section subjected to combined loading. In both Figures
the numerically obtained cross-section loads at failure
are normalized by the relevant codified cross-section
capacity, which is determined assuming that each load
acts in isolation.
In Figures 8 and 9 it can be observed that the actual

interaction surface is convex and that the stocky cross-
section exhibits a more rounded interaction curve than
the slender one, particularly at the bottom part of the
surface (i.e. for small axial compression). A quantita-
tive assessment of the accuracy of the predictions of
EN 1993-1-4 (2006) is given inTable 2, where the cod-
ified utilization at failure (i.e. 1) is normalized by the
actual cross-section utilization as determined from the
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Table 2. Comparison of Eurocode predictions with FE data.

Codified predictions/FE

Mean COV

SHS 0.76 0.18
RHS 0.74 0.14
ALL 0.75 0.16

FE results. A high level of conservatism accompanied
by a high scatter of the predictions can be observed for
both SHS and RHS cross-sections. It should be noted
that Equation (1)was applicable to all SHS except SHS
100× 100× 3 and to RHS 200× 100× 8, which were
classified as Class 1 for all loading cases, whilst the
remaining cross-sections were classified Class 4.

4 DESIGN RECOMMENDATIONS

The conservatism of the current design provisions
highlighted in the previous section can be attributed to
the inefficiency of current design provisions in deter-
mining the ultimate capacity for the fundamental load-
ing cases acting in isolation for stocky cross-sections
and the use of inappropriate interaction curves. Pos-
sible remedies are proposed herein, and include the
application of the CSM in the determination of the
axial and bending capacities and the modification of
the codified interaction curve.

4.1 The Continuous Strength Method (CSM)

The CSM is a strain based design approach that
employs a ‘base curve’ to determine the strain that
a cross-section can sustain, in conjunction with a
material model that allows for strain hardening, to
determine section resistance. In this section, a 3 coef-
ficient base curve and a compound Ramberg-Osgood
material is used. In Section 4.3, the accuracy of a sim-
plified version of the CSM,with a two coefficient base
curve and a bilinear (elastic, linear hardening)material
model, is assessed. As evidenced in Figures 3–9 and
highlighted by various researchers (Burgan et al. 2000,
Gardner & Nethercot 2004b, Ashraf et al. 2008), cur-
rent design provisions significantly underestimate the
cross-section capacity of stocky cross-sections as they
fail to account for the material strain-hardening. The
actual material response can be taken into account in
the design process, if the cross-section capacities for
the fundamental cases of uniaxial bending and axial
compression are determined by the CSM. For each of
the fundamental loading cases of axial compression,
major axis bending and minor axis bending, the cross-
section slenderness is obtained from Equation (2):

where fcr is the critical buckling stress correspond-
ing to the lowest (local) buckling mode pertaining to

the loading case considered, which can be obtained
by eigenvalue buckling analysis using a finite ele-
ment or finite strip analysis. In this paper the software
CUFSM (Li & Schafer 2010) was utilized to obtain
the critical buckling stresses. Conservatively, cross-
section slenderness could also be calculated on the
basis of the most slender plate element in the section.
The maximum strain εcsm that the section can attain
(as limited by local buckling) is given by Equation (3)
(Theofanous & Gardner 2012):

Having established the maximum strain that can be
reached by the cross-section and assuming uniform
strain at failure for a cross-section subjected to axial
compression, the stress at failure fcsm is obtained from
the two-stage Ramberg-Osgood law (Mirambell &
Real 2000, Rasmussen 2003, Gardner & Nethercot
2004a)which ismultiplied by the gross cross-sectional
area to yield the axial capacity. Similarly, a linear strain
distribution for cross-sections subjected to bending
is assumed and the corresponding stress distribution
at failure is obtained, which is integrated to give the
ultimate moment resistance about the respective axis.
The CSM allows for a rational exploitation of strain
hardening up to strains 15 times larger than the elas-
tic strain at fy in accordance with codified ductility
requirements (EN1993-1-4 2006, EN1993-1-1 2005).
A further restriction pertaining to the CSM is the slen-
derness of the cross-sections atwhich it is applied.Due
to the non-monotonic nature of Equation (2) and to the
possible shift in neutral axis of slender cross-sections
(Rusch & Lindner 2001), which is not accounted for
by the method, erroneous results may be obtained for
slender cross-sections. A slenderness limit of 0.748
is adopted herein, beyond which the relevant cross-
section capacity may be calculated from EN 1993-1-4
(2006). Among the cross-sections considered, the
CSM was not applicable to RHS 200×100× 3 and
200× 100× 4under axial compression andminor axis
bending.

4.2 New interaction equations

Following the aforementioned procedure, the axial,
minor axis bending and major axis bending capaci-
ties of all sections were determined. The numerical
failure loads were normalized by the respective capac-
ities and utilized to derive a suitable interaction curve
that fits the data. Two different interaction surfaces are
defined by Equations (4) and (5):
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Figure 10. Interaction surface defined by Equation (4).

Figure 11. Interaction surface defined by Equation (5).

where Ncsm, Mcsm,y and Mcsm,z are the axial resis-
tance, the minor axis bending resistance and the major
axis bending resistance from the CSM respectively.
The proposed interaction surfaces are depicted in
Figures 10 and 11.

4.2.1 Compression and uniaxial bending
In Figures 12–14 the proposed interaction curves are
plotted together with the numerical failure loads nor-
malized by the respective cross-section resistances
determined by CSM. Overall an increased consistency
of the predictions can be observed, as the normal-
ized failure loads fall within a narrow band compared
to the respective figures based on the codified resis-
tances. Equation (4) provides an excellent fit to the
numerical predictions for SHS as shown in Figure 10,
whereas Equation (5) provides a more safe interaction
surface for RHS. Differences between SHS and RHS
can be largely attributed to the greater slenderness
of the RHS which tends to produce a linear inter-
action between compression and bending, whilst this
interaction appears more rounded for SHS.

Figure 12. Interaction of axial compression and uniaxial
bending (NEd +MEd,z, MEd,y = 0) for SHS.

Figure 13. Interaction of axial compression and minor axis
bending (NEd +MEd,z, MEd,y = 0) for RHS.

Figure 14. Interaction of axial compression and major axis
bending (NEd +MEd,y, MEd,z = 0) for RHS.

4.2.2 Biaxial bending
In Figures 15 and 16 the interaction of major and
minor axis bending is shown for SHS and RHS respec-
tively.Theproposed interaction equations coincide and
closely follow the trend of the numerical data.A linear
interaction is also depicted for comparison purposes.
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Figure 15. Interaction of major and minor axis bending
(MEd,z +MEd,y, NEd = 0) for SHS.

Figure 16. Interaction of major and minor axis bending
(MEd,z +MEd,y, NEd = 0) for RHS.

Table 3. Assessment of proposed interaction equations
(FE/predicted).

Equation (4) Equation (5) Linear interaction

Mean COV Mean COV Mean COV

SHS 0.91 0.07 0.80 0.07 0.75 0.12
RHS 0.99 0.09 0.85 0.05 0.77 0.08
ALL 0.95 0.09 0.83 0.07 0.76 0.11

4.2.3 Compression and biaxial bending
For the more general case of compression and biax-
ial bending, the accuracy of the proposed interaction
Equations (4) and (5) is quantified in Table 3, which
provides the FE/predicted utilization ratio, where the
accuracyof a planar interaction surface is also included
for comparison purposes.

4.3 Simplified Continuous Strength Method

The CSM has been shown to offer significant advan-
tages over alternative design methods in ultimate
capacity predictions, both in terms of design efficiency
as well as in terms of consistency of the predictions.
However its application to cross-sections in bending is
cumbersome due to the fact that the employed mate-
rial model, albeit accurate, does not lend itself to

Figure 17. Bilinear elastic-strain hardeningmaterial model.

Table 4. Assessment of simplified CSM (FE/predicted).

Equation (4) Equation (5) Linear interaction

Mean COV Mean COV Mean COV

SHS 0.93 0.08 0.82 0.08 0.80 0.12
RHS 1.04 0.10 0.89 0.07 0.81 0.08
ALL 0.99 0.10 0.86 0.09 0.81 0.11

explicit design equations. To this end, simplifications
to the CSM are proposed herein for stainless steel by
adopting the simple bilinear material model (Gardner
2008) shown in Figure 17 and a simplified base curve
(Gardner et al. 2010), with coefficients determined
on the basis of both carbon steel and stainless steel
test data.
The strain-hardening modulus is given by Equation

(6) and the maximum attainable strain εcsm is given by
Equation (7), with the upper strain limit corresponding
to the strain at the 1% proof stress:

With the adopted material model the ultimate
moment resistance Mcsm is given (Gardner et al. 2011)
by Equation (8):

The simplified CSM is assessed in Table 4, which
provides the FE/predicted utilization ratio, where the
interaction Equations (4) and (5) and a linear interac-
tion are shown. Equation (4) provides and the most
efficient design predictions (with a slightly higher
COV). It is proposed that this equation in conjunc-
tion with the simplified CSM be adopted. Comparing
the simplified CSM predictions (Table 4) with the
original CSM predications (Table 3) reveals similar
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results – the simplifications in fact result in a slightly
improved mean prediction though a slightly higher
scatter. Both the original and simplified CSM show
a considerable improvement over current practice
(Table 2).

5 CONCLUSIONS

An extensive parametric study on stainless steel RHS
subjected to a combination of loads was summarized
and the results were presented.The current design pro-
visions of EN 1993-1-4 (2006) were assessed on the
basis of the numerical failure loads and were found to
be unduly conservative.The conservatism is attributed
to the significant strain-hardening of the material,
which is not explicitly accounted for in EN 1993-1-4
(2006). Possible remedies of the above conservatism
include the determination of the cross-section capac-
ities based on the CSM and more refined interaction
curves.Moreover, a simplification to the original CSM
is proposed, by adopting a bilinear material model,
which allows for explicit ultimate capacity predictions,
thereby eliminating the need for cumbersome numer-
ical integration. Both the original CSM, as well as the
simplified one offer improved predictions of cross-
sectional capacity over the respective EN 1993-1-4
(2006) predictions both in terms of consistency and
design efficiency. The adoption of interaction Equa-
tion (4) in conjunction with the simplified CSM for
the design of stainless steel cross-sections under com-
bined loading is proposed, based on the findings of the
extensive numerical study reported herein; experimen-
tal validation is warranted. Moreover, the proposed
interaction equations have to be verified for other
cross-sectional shapes commonly adopted in practical
applications.
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ABSTRACT: Attractive appearance, corrosion resistance and ease of maintenance are the obvious reasons for
widespread use of stainless steel in a variety of structures, whilst beneficial mechanical properties such as high
ductility, better fire resistance and high strength demonstrated by the duplex grades add significant value to the
aesthetics of stainless steel. Reliable experimental investigations are a prerequisite to explore the full potential of
stainless steel members and to evaluate the performance of the existing design rules. The current paper describes
a test program on cold-formed stainless steel SHS columns subjected to eccentric compression to investigate
beam-column interaction. Considered cross-sections were produced from high strength duplex stainless steel
with the measured yield stress up to 700MPa. Material properties were obtained from the tensile coupons cut
from within the cross-sections, whilst initial geometric imperfections were measured at mid-height of each of
the pin-ended column specimens. Two different column lengths were considered with varying eccentricity for
each specimen. The strength and behaviour of the cold-formed high strength stainless steel beam-columns were
investigated.The test resistanceswere comparedwith those predicted using theAmerican and theAustralian/New
Zealand design specifications for cold-formed stainless steel structures. It is observed that the code predictions
are mostly conservative for stainless steel beam-columns with rooms for improvement in the available design
guidance.

1 INTRODUCTION

In recent times, stainless steel is being regarded as
more of a construction material rather than using
it for its obvious aesthetic appeal. Stainless steel is
recyclable, offers extended life span for structures
and requires negligible maintenance; all these special
advantages are promoting widespread use of stain-
less steel in structures. Sluice and flood gates in
Tampere Finland, spillway control system in Adelaide
Australia, Stockholm Waterfront project and ‘The
Helix Bridge’ in Singapore are only a few examples
of versatile applications of stainless steel in construc-
tion. The last decade has seen the development of
major design codes for cold-formed structural stain-
less steel. Preliminary design rules, however, were
mostly based on assumed analogies with carbon steel;
this process provided an easier transition for the prac-
titioner engineers to adopt stainless steel, although
it deemed to be a costly assumption for an expen-
sive material like stainless steel. Testing schemes on
stainless steel members reported by Rasmussen and
Hancock (1993a, b), Talja and Salmi (1995), Gardner
and Nethercot (2004a, b),Young and Hartono (2002),

Young and Lui (2005),Young and Liu (2003) provided
useful experimental evidence, although there is con-
siderable lack in test data for stainless steel members
to appropriately validate the currently proposed design
rules. It is now evidenced that stainless steel offers pro-
nounced strain hardening without showing any well
defined yield point, which requires the currently avail-
able stainless steel design codes to be modified to
include the observed discrepancies between stainless
steel and carbon steel.
Tests on individual beams and columns are avail-

able in a number of reported literatures but very
limited experimental evidence is available on the
beam-column interaction of stainless steel members.
Becque and Rasmussen (2009a, b) recently reported
experimental results on beam-column interaction of
lipped channel and I sections produced fromGrade304
stainless steel. The current research investigates the
beam-column interaction for square hollow sections
by applying eccentric loading on pin-ended columns.
Four different series of SHS columns were subjected
to compression with various eccentricities. Structural
performance of the considered columns are compared
against those predicted by theAmerican SEI/ASCE-02
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Figure 1. Definition of symbols and the location of the
tensile coupon in cross-section.

(2002) and the Australia/New Zealand Standard
AS/NZS4673 (2001). Experimental interaction curves
for the test specimens are also plotted against those
obtained using design codes.

2 TEST SPECIMENS

Eccentric compression tests were performed on two
square hollow sections, which were cold-rolled from
annealed flat strips of Grade 2205 duplex stainless
steel. One of the SHS specimens had nominal dimen-
sions of 40mm× 40mm with a thickness of 2mm
(S1), whilst the other one was 50mm× 50mm with
a thickness of 1.5mm (S2). The specimens were
supplied by the manufacturer in uncut lengths of
3400mm, which were cut into two different lengths
of 550mm (L1) and 1100mm (L2). Both ends were
welded to carbon steel end plates to ensure full contact
between the specimen and the end bearings. The le/ry
ratio, where le is the effective length of the column
and ry is the radius gyration about the minor y-axis,
of the considered beam-column specimens were 42,
78, 32 and 60 for Series S1L1, S1L2, S2L1 and S2L2
respectively. It is worth mentioning that the effective
length le is equal to the actual column length between
knife-edges, which includes the length of the SHS
specimen and the thickness of both the end plates and
thebearingplates. Four considered serieswere tested at
various eccentricities varying from0 to 60mm.Table 1
lists the measured cross-section dimensions of the test
specimens using the nomenclature defined in Figure 1.
The test specimens were labelled such that the

series and specimen eccentricity could be identified
from the label. Adopted labelling technique includes
cross-section size – S1 for 40× 40× 2 and S2 for
50× 50× 1.5, length of the specimen – L1 and
L2 refers to 550mm and 1100mm respectively and

Table 1. Measured dimensions for column specimens.

Depth Width Thickness Length Eccentricity
D B t L e

Series Specimen (mm) (mm) (mm) (mm) (mm)

S1L1 S1L1E00 40.3 39.9 1.918 550 0
S1L1E00∗ 40.2 39.9 1.919 550 0
S1L1E10 40.2 39.9 1.920 549 10
S1L1E25 40.2 39.9 1.921 550 25
S1L1E60 40.1 40.0 1.920 549 60

S1L2 S1L2E00 40.2 40.0 1.951 1100 0
S1L2E10 40.3 39.9 1.956 1100 10
S1L2E25 40.3 40.2 1.949 1100 27
S1L2E60 40.2 39.9 1.972 1100 60
S1L2E60∗ 40.1 40.0 1.943 1100 60

S2L1 S2L1E00 50.2 50.1 1.537 550 0
S2L1E10 50.3 50.0 1.536 550 10
S2L1E10∗ 50.2 50.0 1.548 550 10
S2L1E25 50.2 50.1 1.531 550 25
S2L1E60 50.1 50.0 1.537 550 60

S2L2 S2L2E00 50.2 50.1 1.535 1100 0
S2L2E10 50.1 50.0 1.543 1100 10
S2L2E10∗ 50.2 49.9 1.535 1100 10
S2L2E25 50.1 50.0 1.527 1099 25
S2L2E60 50.2 50.0 1.534 1100 60

Note: ∗ refers to 2nd test.

Table 2. Measuredmaterial properties obtained from tensile
coupon tests.

σ0.2 σu Eo εf
Test series (MPa) (MPa) (GPa) (%) n

S1L1 and S1L2 707 827 216 29 4
S2L1 and S2L2 622 770 200 37 5

eccentricity is denoted by the letter E and followed by
a number showing the eccentricity in mm.

3 MATERIAL PROPERTIES

Tensile coupon tests were conducted to obtain the
material properties of the test specimens. Longitudi-
nal tensile coupons were taken from the centre of the
face, which is perpendicular to the welded face, as
shown in Figure 1.The coupon dimensions conformed
to the Australian Standard AS 1391 (2007) for the
tensile testing of metals using 12.5mm wide coupon
with a gauge length of 50mm. Important mechan-
ical properties such as the static 0.2% proof stress
(σ0.2), static tensile strength (σu), initialYoung’s mod-
ulus (Eo) and elongation after fracture (εf ), as obtained
from the coupon tests, are summarised in Table 2. The
magnitudes of Ramberg-Osgood exponent n deter-
mined from the measured stress-strain curves are also
reported in Table 2.

4 INITIAL GEOMETRIC IMPERFECTIONS

Initial geometric imperfection is an inevitable feature
of thin-walled members, which could significantly
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Table 3. Measured overall geometric imperfections at
mid-length for specimens with L= 1000mm.
Series δoy/L

S1L2E00 1/3331
S1L2E10 1/7874
S1L2E25 1/656
S1L2E60 1/601
S1L2E60# 1/509
S2L2E00 1/5769
S2L2E10 1/893
S2L2E10# 1/4559
S2L2E25 1/5769
S2L2E60 1/1031

affect their structural performance.Themagnitude and
distribution of geometric imperfections are, though,
highly uncertain and hence it is important to take
measurements to identify if there is any notable geo-
metric irregularity. In the current research, initial local
and overall geometric imperfections of the column
specimens were measured prior to testing. Local geo-
metric imperfections were measured using a Mitutoyo
Co-ordinate Measuring Machine with an accuracy
of 0.001mm, whilst a theodolite was used to mea-
sure overall imperfections at themid-length.Measured
geometric imperfections at mid-length for specimens
S1L2 and S2L2 are shown in Table 3. The average
overall imperfections at mid-length were 1/939 and
1/1883 of the specimen length for Series S1L2 and
S2L2 respectively.The maximum initial local geomet-
ric imperfection for the S1 serieswas 0.113, whilst that
for Series S2 was 0.164 mm.

5 COLUMNTESTING RIGAND THE
ADOPTED PROCEDURE

Figure 2 shows an illustration of the testing rig used for
beam-column tests.A multi-channel DARTEC testing
systemwasused to apply compressive axial force to the
specimens. Applied eccentric loads resulted in equal
and opposite end moments to the specimens caus-
ing overall bending in single curvature (β= −1). The
upper end support of the test rig was movable to allow
tests to be conducted at different specimen lengths.
The pin-ended bearing, as shown in Figure 3, was used
to allow free rotation about minor axis. The bearing
includes two parts – a plate containing a knife-edged
wedge (wedge plate), which allows the end plates to be
bolted at various eccentricities, and a plate containing
a longV-shaped pit (pit plate). One of the pit plates was
connected to the upper end support, whilst the other
pit plate was connected to the lower spherical rocker
bearing. Two end plates attached to the specimen were
bolted to the wedge plates at a specified eccentricity.
Later, the specimen, together with the bolted wedge
plates, was placed into the machine so that the wedge
fits into the pit. The ram of the actuator was slowly

Figure 2. Test rig for beam-column tests (2500 kN
capacity).

Figure 3. Pin-ended bearings at both ends.

lifted downwards until the pits could hold the specimen
without any manual support. The spherical bearing
was free to rotate in any directions during this ini-
tial loading stage. The position of the specimen was
adjusted to ensure the edge of the pin-ended wedge
was in line with theV-shaped pit. To close the gap and
to ensure full contact, a compressive load of 3 kN was
applied.At this point, the spherical rocker bearing was
restrained from any rotation by tightening the vertical
and the horizontal bolts. This arrangement confirmed
the pin-ended condition allowing uniaxial bending.
The applied load was released to approximately 1kN
so that the test commences with a small initial load.
Two steel stripes were bolted to the upper end plate,
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which had twoparallel lines drawnon themas shown in
Figure 4.Three vertical displacement transducerswere
positioned and pointed to the drawn lines to measure
the axial shortening of the specimen and to calculate
the rotation of the specimen. Meanwhile, two hori-
zontal displacement transducers were positioned and
pointed to the middle of the column tomeasure the lat-
eral deflection of the specimen. Displacement control
technique was used to drive the hydraulic actuator at
a constant speed of 0.5mm/min; this process allowed
the test to continue to post-ultimate stage. A data

Figure 4. Two steel stripes bolted to the upper end plate with
two parallel lines drawn.

Table 4. Comparison of test strengths with design strengths .

Test Comparison

Failure le Nu Mendu Mmiu Mmeu

Specimen mode (mm) (kN) (kNm) (kNm) (kNm)

Mendu

MASCE

Mendu

MAS/NZS

S1L1E00 F 630 160.6 0.00 0.37 0.00 1.06 1.07
S1L1E00# F 630 161.0 0.00 0.48 0.00 1.06 1.07
S1L1E10 F 629 97.5 0.98 2.10 1.38 1.19 1.14
S1L1E25 F 630 60.6 1.52 2.52 1.86 1.16 1.08
S1L1E60 F 629 36.9 2.21 3.03 2.49 1.27 1.16
S1L2E00 F 1180 76.8 0.00 0.90 0.00 0.97 1.04
S1L2E10 F 1180 56.9 0.57 2.11 1.40 1.19 1.19
S1L2E25 F 1180 39.5 1.07 2.62 1.81 1.14 1.11
S1L2E60 F 1180 25.6 1.54 2.74 2.10 1.16 1.10
S1L2E60# F 1180 24.9 1.49 2.58 2.02 1.12 1.06
S2L1E00 L+ F 630 157.6 0.00 0.60 0.00 1.05 1.06
S2L1E10 L+ F 630 99.7 1.00 1.85 1.22 1.12 1.12
S2L1E10# L+ F 630 104.8 1.05 1.80 1.30 1.18 1.18
S2L1E25 L+ F 630 66.9 1.67 2.30 1.91 1.16 1.16
S2L1E60 L+ F 630 40.6 2.44 2.96 2.63 1.26 1.26
S2L2E00 F 1180 81.2 0.00 1.28 0.00 0.75 0.81
S2L2E10 F 1180 70.7 0.71 2.33 1.30 1.11 1.15
S2L2E10# F 1180 62.6 0.63 2.23 1.05 0.99 1.02
S2L2E25 F 1179 50.0 1.25 2.76 1.84 1.13 1.16
S2L2E60 L+ F 1180 31.2 1.87 3.00 2.34 1.15 1.17

Mean 1.11 1.11
Coefficient of variation (COV) 0.103 0.083

acquisition system was used to record the applied load
and the readings obtained from the displacement trans-
ducers at regular intervals during the test. The static
load was recorded by halting the applied displacement
for 1.5 minutes near the ultimate load; this allowed
the stress relaxation associated with plastic straining
to take place.

6 TEST RESULTS

The ultimate axial load Nu, the ultimate maximum
inelastic moments Mmi and the corresponding end
moments Mend as obtained from the beam-column
tests are summarized in Table 4. The ultimate maxi-
mum inelastic moment Mmi was calculated as the sum
of the end moment Mend measured at the ultimate load
Nu and the second-order moment δuNu, where δu is
the maximum deflection at mid-length measured at
the ultimate load.
A number of duplicate specimens were tested with

eccentricities of 0, 60, 10 and 10mm for Series S1L1,
S1L2, S2L1 and S2L2 respectively. Discrepancies
observed between the measured δu for the original
specimens and those for the corresponding duplicate
specimens were negligible for Series S1 but the dif-
ference was in the order of 5 to 10% for Series S2;
this was largely due to the difficulty in adjusting an
accurate eccentricity for the Series S2 specimens. Fail-
ure modes observed for the beam-column specimens
showed overall flexural buckling (F) and combined
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local and overall flexural buckling (L+ F). Figure 5
shows failure modes for all test specimens. Formation
of plastic hinges was observed in specimens for Series
S2L1 and S2L2 as the overall depth-to-thickness D/t
ratios are comparatively larger than those for Series
S1L1 and S1L2.
Figures 6 and 7 show the axial load versus

moment curves for Series S1L2 and S2L1. Both the
end moment Mend and the inelastic moment Mmi

(=Mend +Nδ) are plotted against axial load N. End
moment Mend varies linearly with axial load N, whilst
inelastic moment Mmi increases nonlinearly with N
as Mmi is affected by the lateral deflection δ at mid-
length. Moment-rotation and load-deflection curves
were recorded for all eccentrically loaded test spec-
imens. Lateral deflection δ at mid-height is the sum
of the measured initial geometric imperfection δo
and the lateral displacement caused by bending δ1.
Figure 8 shows the obtained moment-rotation and
load-deflection curves for Series S1L2.

7 DESIGN RULES FOR STAINLESS STEEL
BEAM-COLUMN INTERACTION

The design strengths of the cold-formed stainless
steel eccentrically loaded beam-columns were pre-
dicted using the SEI/ASCE-02 (2002) and AS/NZS
4673 (2001) specifications. It is worth noting that
the design rules specified both in ASCE Specifica-
tion and AS/NZ Standard adopt the same interaction
equations for stainless steel beam-columns.Although,
the predicted design strengths for beam-columns are
not always equal due to the difference in formulations
used to obtain resistances against individual actions
i.e. compression resistance of the cross-section Ns,
compression resistance of themember Nc and bending
resistanceMb.The following interaction equations are
proposed both inASCE andAS/NZS design guidance
for SHS cross-sections:

Figure 5. Observed failure modes for the beam-column specimens.

NASCE and MASCE are the compression force and
the simultaneous bending moment that can be safely
applied to a givenmember followingASCEguidelines.
These two parameters are related using the relationship
MASCE = e. NASCE, where e is the loading eccentricity.
Cm is a coefficient for unequal end moment, whilst αn

Figure 6. Axial load versusmoment curves for Series S1L2.

Figure 7. Axial load versusmoment curves for Series S2L1.
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Figure 8. Moment-rotation and load-deformation curves for series S1L2.

is themoment amplification factor andNe is theEuler’s
buckling load. Equations 4 and 5 show the expres-
sions to calculate αn and Ne, where Eo is the Young’s
modulus, Ib is the moment of inertia of full, unre-
duced cross-section about the axis of bending, leb is
the effective length in the plane of bending.

For a given cross-section with known material and
boundary conditions, NASCE can be easily obtained to
satisfy the aforementioned three constraint equations.
Hence the simultaneous bending moment for safe
beam-column interaction can be easily determined
using the knowledge of eccentricity e. In the case
of AS/NZ Standard, as well, Equations 1–4 are used
to determine the axial force NAS/NZS and the corre-
sponding moment MAS/NZS. The magnitudes obtained
for NAS/NZS and MAS/NZS are, however, different from
those of NASCE and MASCE due to the differences in
calculation of Ns, Nc and Mb.
ASCE Specification adopts an iterative design pro-

cedure to determine the resistance of a member
subjected to pure compression. The design rules of
the AS/NZ Standard allow the option to use either
the Euler column curve or the Perry curve to deter-
mine compression resistance; the second approachwas
used in the current research to predict beam-column
interaction following AS/NZ Standard. Imperfection
parametersα,β,λo andλ1, as adopted inAS/NZSStan-
dard, are determined using the equations proposed by
Rasmussen and Rondal (1997). The calculated val-
ues of the parameters α, β, λo and λ1 are
1.262, 0.191, 0.701 and 0.404 respectively for sec-
tion S1 (40× 40× 2), whilst those for section S2
(50× 50×1.5) are 1.066, 0.117, 0.686 and 0.488
respectively. It is worth mentioning that these param-
eters depend on material properties, which were
obtained through tensile coupon tests in the current
study.

TheASCE Specification predicts the bending resis-
tance of a box type cross-section on the basis of
initiation of yielding. The AS/NZ Standard, on the
other hand, predicts the bending resistance for a com-
pact section i.e. section S1 (40× 40× 2), based on
plastic yielding; whilst that for a non-compact section
i.e. section S2 (50× 50× 1.5), is determined based on
initiation of yielding, which is similar to the technique
adopted in ASCE Specification.

8 TEST RESISTANCEVS CODE
RESISTANCE

8.1 General

Experimentally obtained compression resistance Nu
and the simultaneous bending resistance Mend,u for
the considered beam-column specimens are compared
with the unfactored design resistances predicted using
the American (ASCE 2002) and the Australian/New
Zealand (AS/NZS 2001) specifications for cold-
formed stainless steel structures. Material properties
obtained from the tensile coupon tests as shown in
Table 2 are used to predict beam-column action. Table
4 compare the experimental resultswith those obtained
using ASCE and AS/NZS specifications. It is worth
mentioning that the bending resistanceMend,u is amul-
tiple of compression resistance Nu i.e. Mend,u = e. Nu.
Hence, for a given eccentricity, the ratio of the com-
pression resistance i.e. Nu/NASCE is the same as the
ratio of bending resistance Mend,u/MASCE.

8.2 Interaction curves for the beam-column
specimens

Figures 9 and 10 compare the resistances of Series
S1L1 and S2L2 beam-column specimens obtained
from experiments to those computed using design
codes. The axial compressive loads are plotted against
the second-order elastic moments. End moments
determined using the code guidelines were converted
to second-order elastic moments to be in line with the
interaction diagrams specified in ASCE and AS/NZS
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Figure 9. Interaction curves for Series S1L1.

Figure 10. Interaction curves for Series S2L2.

Standards. The design second-order elastic moment
MD
me was calculated as the product of the design end

moment MD
end and the amplification factor given by

Equation 6, in which N was replaced by the design
axial compressive load ND, whilst Ne is the elastic
flexural buckling load as given by Equation 4.

Experimentally obtained end moments were also
converted to second-order elastic moment following
a similar approach. The experimental second-order
elastic moment Mme,u was calculated as the product
of the end moment at ultimate load Mend,u and the
amplification factor αn as shown in Equation 4, in
which N was replaced by the ultimate axial force Nu.
The values of the experimental second-order elastic
moments Mme,u are also shown in Table 4.

8.3 Discussion

Most of the design resistances predicted by the ASCE
and theAS/NZS specifications are observed to be con-
servative.Material properties obtained from the tensile
coupon tests have been used in the calculation pro-
cess. Code guidelines, however, produced some unsafe
predictions for longer specimens, i.e. Series L2, with
smaller eccentricities. For the specimen S1L2E00 the
ratio of the test resistance to the ASCE prediction

Nu/NASCE was 0.97, whilst that for the S1L2E00 spec-
imen was 0.75. Table 4 shows the mean values and
coefficients of variation (COV) of ratio of the test Nu
to those obtained using the ASCE and the AS/NZS
specifications. It is observed that the AS/NZS Stan-
dard produces slightly more consistent predictions
than those obtained using the ASCE guidelines.

9 CONCLUSION

A test program on cold-formed high strength stainless
steel beam-columns has been presented. The spec-
imens were produced from duplex stainless steel.
Two SHS cross-sections and two different column
lengths were combined to obtain four series of beam-
column specimens, which were compressed between
pin ended supports at different eccentricities and inter-
action curves were obtained for each test series. The
test strengths were compared with the design strengths
predicted using the American and Australian/New
Zealand specifications for cold-formed stainless steel
structures. It is shown that the design strengths pre-
dicted by the two specifications using the material
properties obtained from tensile coupon tests are gen-
erally conservative for the cold-formed high strength
stainless steel square hollow section columns. From
the values of COV of the Nu/NASCE and Nu/NAS/NZS
ratios, it is observed that the design rules of the
AS/NZ Standard are comparatively more consistent.
It is obvious from the comparisons that there is room
for improvement in the design rules. It is shown
that the code predictions are mostly conservative for
duplex stainless steel beam-columns. Performance of
the European standard is currently being investigated
to come up with modified formulation to accurately
predict the beam-column behaviour of stainless steel
sections.
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Lean duplex stainless steel hollow stub columns of Square, L-, T-,
and +−shaped cross sections under pure axial compression – a finite
element study

M.L. Patton & K.D. Singh
Civil Engineering Department, Indian Institute of Technology Guwahati, India

ABSTRACT: In this paper, Finite Element (FE) studies for LDSS (Lean Duplex Stainless Steel) square, L, T,
and+−shaped hollow stub columns (i.e. SHC, LHC, THC and+HC, respectively) are presented usingAbaqus,
to gain an understanding of the cross-sectional shape effects. The LDSS SHC is compared with its counter
NRHCs (Non-rectangular hollow columns i.e. LHC,THC and+HC) having equal material cross-sectional areas
(or equal material consumption) with thickness varying from 5 to 20mm, under uniform axial compression.
Columns with lengths (∼1800mm) of about three times the outer width of square were considered for the
analyses. Based on the analyses, it has been found that for all the NRHCs considered, a nearly linear variation
of Pu (ultimate laod) with section thicknesses has been observed, although the increase for SHC was relatively
slower in thinner sections (t< 12.5mm). The increase in Pu with 400% increase in t (from 5m to 20mm) is
of the order ∼ 1273%, 1252%, 1401% and 679%, respectively, for square, LHC, THC and +HC. Ductility at
ultimate load has been observed to be∼0.1%–0.6% for SHC and LHC (all thicknesses),THC (t ≤ 12.5mm), and
+HC (t ≤ 10mm). For thicker sections of THC (t ≥ 15.0mm) and+HC (t ≥ 12.5mm), significant deformation
of ∼0.6 % and ∼1.0%, respectively are seen.

1 INTRODUCTION

Construction industry is generally dominated by car-
bon steel due to low cost, long experience, applicable
design rules and a large variety of strength classes;
however it suffers inherently from comparatively low
corrosion resistance and higher material cost. But in
contrast to carbon steel, various stainless steel types
can provide a very wide range of mechanical proper-
ties and material characteristics to suit the demands of
numerous and diverse engineering applications, along
with the advantages of not needing for surface cor-
rosion protection in moderate to highly aggressive
environments. Its main advantages include high cor-
rosion resistance, high strength, smooth and uniform
surface, aesthetic appearance, high ductility, impact
resistance and ease of maintenance and construction.
These benefits have prompted a moderately upsurge
of using stainless steel in construction industry in
the recent years. Traditionally, in the constructional
industry, austenitic steel grades are used prominently.
However, with increasing nickel prices (nickel content
of ∼8% -11% in austenitic stainless steel) there is an
escalation in the demand for lean duplexes stainless
steel (LDSS) with low nickel content of ∼1.5%, such
as grade EN 1.4162 (Baddoo 2008, Gardner 2005,
& EN 1993-1-4 2006). LDSS grade EN 1.4162 in
particular, with twice the mechanical strength of con-
ventional austenitic and ferritic stainless steel has a

potential for use in constructions, and its use has seen
significant growth and development over the last 20
years. The prime movers for this development have
been soaring raw material costs, such as nickel, along
with increasing demand for improved corrosion resis-
tance and strength, enabling a reduction in section
sizes (leading to higher strength to weight ratios). As
such, several recent investigations havebeen attempted
on both normal and high strength stainless steel hol-
low (tube) columns with square, rectangular, circular
and elliptical sections (Dabaon et al. 2009, Young &
Lui 2005, Lui & Young 2003, Gardner & Nethercot
20041, & 2,Theofanous et al. 2009,Ashraf et al. 2008,
Ellobody &Young 2006).
In addition to the aforementioned conventional

cross-sectional shapes of columns, it is worthwhile
to mention that, in the past two decades, the con-
struction industry has shown increasing interest in
the use of Non-rectangular columns (NRCs) (e.g. L-,
T-, and +−shaped cross-sections) especially for rein-
forced concrete columns (Xu &Wu 2009). Compared
with columns with rectangular/square cross-sections,
NRCs have the advantage of providing a flushed wall
face, resulting in an enlarged usable indoor floor space
area and also in making the interior space more reg-
ular. So, NRCs (reinforced concrete) were applied in
residential high-rise buildings and were welcomed by
architects. These NRCs with L- or T- sections also
share unique advantages of having large stiffness and
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Figure 1. a) SHC; b) LHC, c) THC, and d) +HC (or
NRHCs).

strength in the direction of their longer sections.Whilst
several experimental and numerical studies (Wang &
Lu 2005, Lu et al. 2007) on the behavior of rein-
forced concrete NRCs with L- or T- sections was
reported, to the best of authors’ knowledge, there is
an apparent lack of systematic studies relating to Non-
rectangular hollow columns (NRHCs), particularly for
LDSS. Hence, in this paper an attempt has been made
to investigate the behaviour and strength of LDSS hol-
low columns by employing finite element approach.
The main objective of this study is to explore and
compare the behaviour (e.g. ultimate load and axial
deformation at ultimate load) of LDSS square hollow
column (SHC) with those of Non- or NRHCs viz.,
L-shaped hollow column (LHS), T-shaped hollow col-
umn (THC), and +−shaped hollow column (+HC)
(see Fig. 1) under pure axial compression, but noting
that all these column types have equal material cross-
sectional areas (or same material consumption). FE
analyses on fixed-ended cold formed LDSS for square
and NRHCs are presented.

2 FINITE ELEMENT MODELLING

2.1 Introduction

In the presentwork, general purpose commercial finite
element software Abaqus (2009) has been used to
conduct various parametric studies (e.g., effect of
cross-sectional shapes and thicknesses) on load carry-
ing capacity of LDSS SHC and NRHCs subjected to
pure axial compression. In the initial part of the study,
validation of the FE analysis has been performed for
a SHC by comparing with an available experimental
data from the literature (Theofanous&Gardner, 2009).

Figure 2. Typical FE mesh and boundary conditions of
LDSS SHC.

The FE modeling details are shown in the subsequent
sub-sections.

2.2 Geometry and boundary conditions

The present modeling approach follows those pub-
lished in the literature (Theofanous & Gardner 2009,
Hassanein 2010, &Ashraf et al. 2006). Figure 2 shows
a typical geometry of the LDSS SHC with square
cross-section. The bottom part of SHC is fixed while
the top loaded part is allowed for free vertical trans-
lation (i.e. along the column length direction). The
boundary conditionswere accomplished using two ref-
erence points (RP-1 and RP-2) that were tied to the
column ends via node-to-node tie constraints avail-
able inAbaqus (2009). The reference points restrained
all degrees of freedom apart from vertical translation
at the loaded end via kinematic coupling to follow
the same vertical displacement.A central concentrated
normal load was applied statically at the reference
node (RP-2) (Figure 2) using displacement control,
thus applying uniform pressure at the top edges of the
column.

2.3 Finite element types

Shell elementswere employed to discretise themodels.
Four-noded doubly curved shell element with reduced
integration S4R (Abaqus 2009) with six degrees of
freedom per node and known to provide accurate solu-
tions to most applications (for both thin and thick shell
problems) has been utilised in this study. The aspect
ratio of the element is kept at ∼1.0 in all the FE mod-
els (Figure 2). The number of S4R elements used in
the analyses for various models ranges from ∼2400 –
10,000. Linear eigenvalue buckling analysis was then
used to check mesh convergence by monitoring the
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first eigen buckling mode with mesh refinement. Typ-
ical first eigen modes for SHC and NRHCs are shown
in Figure 8.

2.4 Local geometric imperfection

Linear elastic eigen value buckling analyses were ini-
tially performed to extract local buckling mode shapes
using subspace iteration method (Abaqus 2009). The
first (i.e. lowest) local bucklingmode shapeswere then
utilised as initial geometric imperfection patterns to
perturb the geometry of the columns by scaling with
imperfection amplitude as adapted for stainless steels
(Gardner & Nethercot 2004), given by Equation 1.

where σ0.2 = 0.2% proof stress; and σcr = elastic crit-
ical buckling stress determined from the buckling
analysis given by Equation 2.

where λ= eigenvalue obtained from the results of FE
analysis; E0 = initial Young’s modulus of elasticity;
�l= initial displacement at the movable end input
in the boundary conditions; and L= length of the
column.

2.5 Material modeling

The minimum specified material properties of LDSS
Grade EN 1.4162 according to EN 10088-4 (2009)
are 0.2% proof stress (σ0.2) of 530MPa and ultimate
stress (σu) of 700–900MPa. In the present study, the
material properties given by Theofanous & Gardner
(2009) (Table 1) were used in deriving the stress-
strain curve of LDSS material through Gardner &
Ashraf (2006) model (modified version of the original
Ramberg–Osgood (1943)). Poisson’s ratio was taken
as 0.3.
The stress (σ) – strain (ε) curve of LDSS has been

divided into two parts viz. (Figure 3), (1) up to 0.2%
proof stress (σ0.2), where Ramberg-Osgood model
(1943) is used to define the curve, and (2) from σ0.2to
σ1.0, where Gardner &Ashraf (2009) model was used
(Equation 3), in the absence of necking phenomena in
compression.

where εt0.2 & εt1.0 = total strains at σ0.2and σ1.0,
respectively; and n′

0.2,1.0 = strain hardening exponent.
Equation 3 has been found to give excellent agreement
with measured stress–strain curves in both tension and
compression.

Table 1. Compressive flat material properties
(Theofanous & Gardner 2009).

Compound R-O
coefficients

Cross- E σ0.2 σ1.0
section (Mpa) (Mpa) (Mpa) n n′

0.2,1.0

80× 80× 197200 657 770 3.81 3.6
4-SC2

Table 2. Stub column dimensions (Theofanous & Gardner
2009).

L B H t ri w0
Specimen mm mm mm mm mm mm

80× 80× 4-SC2 332.2 80 80 3.81 3.6 Eq. (1)

∗L=Length, B=Width, H =Depth, t = thickness, ri =
internal corner radius, w0 = local geometric imperfection.

Figure 3. Experimental stress-strain curve of LDSS mate-
rial Grade EN 1.4162 (Theofanous & Gardner 2009).

2.6 Validation of FE model

Anexperimental investigation onLDSS stubSHCcon-
ducted by Theofanous & Gardner (2009) was used to
verify the developed FE modeling approach used in
this study.Tables 1& 2 shows the LDSSmaterial prop-
erties and column dimensions for flat portions of the
tested specimen. It may be noted that although this
column has been formed using cold-form technique
at the corners resulting in different properties between
flat and corner portions of the column, same compres-
sive flat material properties (Table 1) has been used
for both the flat and corner portions of the column.
Hence the strength enhancement in the corner regions
by cold forming-process is neglected.
Figure 3 shows the stress-strain plot of the LDSS

material using the material properties from Table 1
with Gardner & Ashraf (2006) model as mentioned
in Section 2.5. The material model shown in Figure 3
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Figure 4. Typical FE deformed shape for stub column
(80× 80× 4-SC2).

Figure 5. Variation of load with axial displacement for stub
column (80× 80× 4-SC2).

is then used as input parameters to Abaqus (2009),
by converting into true stress (σ true) and true plastic

strains (ε
pl
ln) using the following Equation 4 & 5.

where σnom and εnom are engineering stress and strain
respectively.
Imperfection magnitude is seeded in the FE model

using Equation 1. Modified Riks method (Abaqus
2009), (a variation of the classical arc-length method
(Riks 1972, Riks 1979, & Wempner 1971), was
employed for the non-linear analyses to capture the full
(i.e. both pre and post ultimate load) load-deformation
response. The deformed shape of a typical FE model
is shown in Figure 4.
Figure 5 shows comparision of experimental

(Theofanous & Gardner 2009) and FE load-axial
displacement plots of the hollow stub column
(80× 80× 4-SC2). From Figure 5, it can be seen
that good agreement has been achieved between both

Figure 6. First eigen buckling modes for (a) SHC; b) LHC,
c) THC, and d) +HC.

results, and is used in the subsequent FE analyses for
the fixed-ended hollow stub columns.

2.7 Parametric study of LDSS hollow columns

Various SHC and NRHCs with equal material cross-
sectional areas with varying thickness were con-
sidered to investigate the effects of cross-sectional
shapes on the behavior of these stub columns under
pure axial compression. The SHC section has a side
width of 600mm (i.e. B=D= 600mm). The max-
imum side (distance between opposite faces) width
of all the NRHCs are maintained equal to that of
the square section, however the smaller side width
is made equal to half the larger width i.e. 300mm
(D/2=B/2= 300mm).Altogether, 28 FEmodels have
been studied. The FE modelling method is similar to
those discussed in the previous sections.The first eigen
buckling modes (Figure 6) are then used along with
local amplitudes proposed by (Gardner 2002) (Equa-
tion 1) to simulate the local geometric imperfections.
The column lengths were set equal to three times the
maximum outer dimension (3× 600mm= 1800mm)
to avoid the effects of flexural buckling and end condi-
tions, while the thicknesses were varied from 5mm to
20mm to encompass a wide range of cross-sectional
slenderness ratios. To simplify the modeling process
and also due to lack of experimental material proper-
ties for the corner part (in case of cold work), together
with the possibility of welding at the corners, corners
of the square andNRHCs sections are assumed to be at
right angles (i.e. corner radii as in the validation (Sec-
tion 2.6) are not considered). Further, it is assumed that
thematerial properties are sameboth at the flat and cor-
ner regions. Similar material properties as that found
out byTheofanous and Gardner (2009) are adopted for
the FE modeling (Table 1).
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Figure 7. Von-Mises stress (superimposed on deformed
shape) at ultimate load of (a) SHC, (b) LHC, (c) THC, and
(d) +HC (t = 5mm).

3 RESULTSAND DISCUSSIONS

3.1 Deformed shapes at ultimate load

Von-Mises stress (superimposed on deformed shape)
at ultimate load is shown in Figure 7 for SHC and
NRHCs (t = 5mm).
From Figure 7, the onset of local buckling modes

at ultimate load can be seen along with distribution of
Von-Mises stress over the surface.

3.2 Variation of ultimate load

Figure 8 depicts variation of P/Agfy (where P, Ag ,
and fy are load, material cross sectional area, and
yield stress respectively) versus axial displacement
for SHC and NRHCs for both 5mm and 20mm thick
columns. It may be noted that as the perimeter of the
cross-sections are same for all the types of sections
considered the quantity Agfy remains constant. The
term Agfy can be considered as the global yielding
load. The ratio of Pu/Agfy < 1.0 (Pu is the ultimate
load) indicates that the sections are slender and can
buckle prior to yield [30]. For Pu/Agfy≥ 1.0 (i.e.
stocky sections), yielding precedes buckling, and may
be followed by hardening prior to buckling. It can
be observed from Figure 8 that the ultimate strength
of the column increases as it goes from square, L-,
T-, to +−shaped sections. This can be related to the
higher stiffening effects of the corner regions and the
potential for stress redistribution once local buckling
of the wider face plate occurs. As the numbers of
corners (right angled joints) are increased the ulti-
mate load also increases. It can readily be noticed
that as it goes from square to+−Rshaped section, the
sharper is the load-axial deformation behaviour (for
t = 5mm). This sharper load-deformation behaviour
enforces the column to undergo smaller deformations
at relatively higher loads. From Figure 8, it can be

Figure 8. Variation of P/Agfy with axial displacement for
SHC and NRHCs (t = 5mm and 20mm).

Figure 9. Variation of ultmate load (Pu) with section thick-
nesses.

seen that +HC has the highest ultimate load (Pu), with
(Pu(sq)<Pu(L)<Pu(T )<Pu(+) where subscripts sq, L,
T and + denotes the corresponding sections). For
5mm thick sections an increase in sharpness of the
load-displacement curve at ultimate load can also be
observed as the cross-section shapes are changed from
square → L → T → + (Figure 8). These kinds of
behavior are found to be typical for 10mm, 12.5mm,
15mm and 17.5mm sections for SHC, LHC, and
THC (not shown in Figure 8 for clarity). However,
it can be seen that for 20mm thick sections, it is
quite apparent that the sections have become stocky
and global yielding (Pu/Agfy ≥ 1.0) takes place prior
to buckling (except for SHC where Pu/Agfy ∼ 1.0).
Again an increase of Pu as the cross-section shapes
are changed from square → L → T → + are seen.
In the case of +HC, a distinct pattern can be seen
in the load-deformation curve, indicative of harden-
ing before buckling i.e. pre-ultimate load and a flatter
(plateau) behavior in the post-ultimate load.
The variation of Pu with section thicknesses are

shown in Figure 9 for all the cross-sections tested. It
can be seen from Figure 9 that the variation of Pu
with t is nearly linear (R2 = ∼0.99) for NRHCs, in
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Figure 10. Variation of ultmate load (Pu) with cross-
sectional shapes.

comparison to SHC where the increase in Pu is rela-
tively slower in thinner sections (t< 12.5mm). The %
increase in Pu with 400% increase in t (from 5m to
20mm) is of the order ∼1273%, 1252%, 1401% and
679%, respectively, for SHC, LHC, THC and +HC.
The variation of Pu according to the EN 1993-1-4
(2006) are also plotted for comparison. It may be noted
that there are no specific guidelines provided in EN
1993-1-4 (2006) for computing axial strength for the
types of cross sections considered in this study (except
for square). However, the ’effective area’ approach for
cross-sections lying in Class 4 (Table 5.2, EN 1993-1-
4 2006) are used in the computations of codal strength,
by considering the effective widths (valid for Class 4
cross-sections), in order to take care of the local buck-
ling effect. For this reason, a reduction factor (ρ) given
in Clause 5.2.3 was used during the calculation of the
effective area. However, for cross-sections which do
not lie in Class 4, gross area was used in the calcula-
tions of the design strengths. From Figure 9, It can be
seen that FE predicted increasingly higher values of
Pu with increasing thickness when compared to that
computed using ’effective’ area concept of EN 1993-
1-4 (2006). At t= 20mm, FE predicted in increase
of ∼25% more as compared to that of codal predic-
tion. However, at lower thicknesses (e.g., 5mm and
7.5mm), values of Pu obtained from both FE and EN
1993-1-4 (2006) are comparable. It thus can be seen
that the calculation ofPu based onEN1993-1-4 (2006)
are on the conservative side when compared to that of
FE predictions.
Figure 10 shows the variation of Pu with sectional

shapes (SHC→ LHC → THC → +HC) for different
thicknesses. It can be observed that for all the thick-
nesses considered there appears to be a linear increase
inPu as the sections are changed fromSHC→LHC→
THC → +HC. For changes in section from square
to+ shape the increase inPu are∼136%,114%,110%,
96%, 72%, 48% and 26% respectively for 5mm,
10mm, 12.5mm, 15mm, 17.5mm and 20mm show-
ing that the increase in Pu is more effective at thinner
sections (t< 12.5mm)where the increase inmore than
70 %.

Figure 11. Variation of % deflection at Pu for different
sectional shapes.

3.3 Variation of axial deformation at ultimate load

Variation of % deflection (δ/L*100%; L= 1800mm
and δ is the deflection) at Pu are plotted in Figure 11,
to give a measure of ductility at ultimate load.
It can be observed that % deflection= ∼0.1%–

0.6 % for SHC, and LHC (all thickness), THC
(t ≤ 12.5mm), and+HC (t ≤ 10mm).Only for thicker
sections (t ≥ 15.0mm) of THC and (t ≥ 12.5mm) of
+HC, a significant % deformation is seen ≥0.6 %
and ≥1.0 %, respectively. It can be seen that this
behavior is related to the elongated plateau of the load-
deformation plot as a result of the increasing number
of corners along with t/D ratio, leading to significant
increase in stiffness.

4 CONCLUSIONS

Finite element analyses of LDSS (Lean Duplex Stain-
less Steel) hollow stub columns with square, L, T,
and +−shaped cross-sections (i.e. SHC, LHC, THC
and +HC respectively) for various thicknesses are pre-
sented using Abaqus (2009) to gain an understanding
of the cross-sectional shape effects on both ultimate
load and ductility at ultimate load. Based on the study
following conclusions are identified:

(a) For all the NRHCs (i.e., LHC, THC and +HC)
considered, a nearly linear variation ofPuwith sec-
tion thicknesses has been observed, although the
increase for SHC was relatively slower in thinner
sections (t< 12.5mm). The % increase in Pu with
400% increase in t (from 5m to 20mm) is order
∼1273%, 1252%, 1401% and 679%, respectively,
for square, L, T and + shaped sections.

(b) For all the thicknesses considered, a nearly lin-
ear increase in Pu as the sections are changed
from square → L → T → + has been seen. For
changes in section from square to + shape, the
increase in Pu are ∼136%, 114%, 110%, 96%,
72%, 48%and 26% respectively for 5mm, 10mm,
12.5mm, 15mm, 17.5mm and 20mm, showing
that the increase in Pu is more effective at thinner
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sections (t< 12.5mm) where the increase in more
than 70 %.

(c) Ductility at ultimate load (expressed as δ/L*100%;
L= 1800mm and δ is the deflection) has been
observed to be= ∼0.1%–0.6 % for SHC and
LHC (all thickness), THC (t ≤ 12.5mm), and
+HC (t ≤ 10 mm). Only for thicker sections
(t ≥ 15.0mm) of THC and (t ≥ 12.5 mm) of +HC,
a significant % deformation is seen ≥0.6 % and
≥1.0 %, respectively.
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ABSTRACT: The E-conditioned Chimneys, situated in a peripheral area in Madrid, has been designed by the
Spanish architect FedericoSoriano.Theproject defines five chimneys, 40meters high approximately,which allow
the placement of tubes that conduct the smoke and fumes from the cogeneration plant situated just underneath
them.At the same time, the project creates a new public space in an area with a high level of social conflict. The
Chimneys are clearly designed and conceived as light cantilever elements, which provide the structure for the
support and accompaniment of the smoke ventilation ducts. They are covered with a light-permeable mesh as a
covering element. The structure cap has been designed using tubular profiles and braces.

1 INTRODUCTION

1.1 Bio

Location: Puente Vallecas, Madrid
Architect: S&Aa,Federico Soriano
Structural Consultant: BOMAIPASA
Developer: Ayuntamiento de Madrid
Project: 2008–2009
Site Works: 2010–2011
Total area: 540m2

1.2 Location

The project is located in Puente Vallecas, a peripheral
area in Madrid, with a high level of social conflicts. A
development plan aims to improve the neighbourhood,
demolishing houses declared in ruins, where people
still live, and building new social housing, thinking of a
system to provide economical energy. For this purpose,
a waste central is built, associated to a central District
Heating. This plant is the basement of our great plaza,
which is pierced by the smoke evacuation chimneys.
The project described in this paper gives technical and
architectural solution to this conflict, resulting in the
generation of a very interesting public space.

1.3 General description of the
architectural project

The project defines five chimneys, 40 meters high
approximately, which allow the placement of tubes
that conduct the smoke and fumes from the cogenera-
tion plant situated just underneath them.Theminimum
height of the towers is defined according to the build-
ings surrounding the site. The project of the chimneys
generates a recreational space around them protected

Figure 1. Image of the five Chimneys.

by canopies. These are generated with a tensile struc-
ture, which will be the support for the covering
element.

1.4 Architect

The architect of the E-conditioned Chimneys is Fed-
erico Soriano. His study, named S&Aa after Soriano
and Associates Architects is located in Madrid.

1.5 Architectural design idea

Given the implementation conditions of the square,
that is, the existence of a central heating under-
neath and consequently the unquestionable presence
of smoke ventilation ducts, the place is seen as a pub-
lic space dominated by five slender chimneys, two of
which are so close that share a canopy, and are treated
as a group.
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Figure 2. Image of the Chimneys by night.

Figure 3. Organization of the Chimneys on the site plan.

They are clearly designed and conceived as light
cantilever elements, which provide the structure for
the support and accompaniment of the smoke ven-
tilation ducts, up to two meters above the highest
adjacent building. The chimneys are covered with
a light-permeable mesh as a covering element. This
mesh also supports strips of LEDs that light up at night.
Canopies are placed at the base of these towers, as

entities that will provide shade and shelter, and under
which concrete benches are placed.
The fact that the base of the chimney is accessible

to the public, given the position of benches, requires
solving the base of the chimney as a solid element in
order to avoid vandalism. The rest of the mast can be
lighter.

2 DESCRIPTION OF THE STRUCTURE

2.1 Structural design idea

The structure of the chimneys is based on a cantilever
mast. The architectural project defines two types of
shaft: on the lower part a massive element but with a

Figure 4. 3D Model used for the calculation of the model.

minimum dimension, which allows the support of the
stresses from wind loads on the chimneys, and avoids
vandalism. It is materialized as an armed tube.
On the higher part the mast is much smaller, and

it is stabilized through cables, creating an evolving
tensile structure and achieving the needed inertia. As
it can be seen in the following figures, it is material-
ized as a sequence of tubular structure rings, separated
approximately 4.60m each. Each ring has a central
and a perimetrical tube, joined by six radial tubular
profiles.
The inferior evolving maximum diameter is 4.40m,

while it only reaches 2.50m on the superior part.

2.2 Structural principles

These chimneys are mainly affected by wind loads.
Dead loads and a possible use load such as main-
tenance are secondary compared to lateral pressures
caused by wind.
A peculiarity needs being highlighted in this

project, which is no less important than wind loads.
It is the compression stress caused in the central mast
due to the prestressing forces on the bars all along the
height of the chimneys.
Given these conditions, the vertical cantilever has

to be stable under these circumstances.
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Figure 5. Lower shaft typical section: ∅2100mm tubular
and vertical IPE-200 profiles. ∅2100mm tubular profile and
its equivalent effective section.

Figure 6. Elevation and cross-section of the lower shaft.

The design of the cross section of the shaft of the
chimney is the key element in this project. It has
already been mentioned that the base has a more solid
solution, while the rest is lighter.

2.2.1 Lower shaft
The lower shaft is a ∅2100mm tubular profile, 15mm
thick, with vertical IPE-200 profiles acting as stiffen-
ers on its interior perimeter.
According to the 5.3 table on the CTE SEA regula-

tion, the profile has been classified as Class 4. Section
5.2.5 defines the characteristics of class 4 sections.The
effective cross section has been sought in order to pro-
ceed with all the bar and section checkings established
in the named regulation.
The lower shaft has a diaphragmmechanism, imple-

mented by steel plates embedded in the section at
different heights, which provide rigidity to the ele-
ment. These plates have the necessary holes for the
passing of the ducts, as well as for the placement of a
vertical ladder, so that thewhole structure is accessible
for maintenance. The vertical stiffeners, the IPE-200,
are placed from one to the next diaphragm.
A transition system has been designed in order to

transmit the axial load from the central shaft to the

Figure 7. Image of the lower shaft.

Figure 8. Image of the transition system.

Figure 9. Image of the point where compressions and
tensions are transmitted to the lower shaft.

∅2100mm tubular profile. As can be seen in figures
6 and 8, this system is made up of six L shaped plates
welded to the central shaft and the perimeter tube.
These plates do not only receive the compression

force, but also the tension from the braces that are
fixed at this level, and derived to the transition system
through the tubular profiles shown in the following
picture.
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Figure 10. Detail of the point where compressions and
tensions are transmitted to the lower shaft.

Figure 11. Metallic profiles designed to transmit stresses
from the shaft to the concrete slab.

The base or starting diaphragm mechanism is the
concrete slab on which the towers are placed, which
is later described. As shown in figure 11, a device has
been designed with the capability of transmitting the
bending moments from the shaft base to the slab.

2.2.2 Upper shaft
The upper shaft has been designed as a tensile struc-
ture, consisting of a ∅457mm central tube and a
∅125mm perimeter tube. They are joined by six
∅125mm or ∅100mm profiles depending on the
stresses.This groupmakes up a structural ring. Each of
these rings is joined byVSL-Stress-bar braces, with an
anticorrosive treatment, their diameters ranging from
∅20mm to ∅56mm, and their yield strength being
460MPa.
The shaft is divided into three parts, defined by the

construction process and the buckling effects on the
mast. This process seeks for the stability during
the lifting of the chimneys on the construction phase.
At this stage, since the finishing mesh is not placed,
the wind loads are significantly reduced.
The constructionprocess, describedbelow, provides

for the placement of the three main braces on each of
the three defined parts, allowing the positioning of the
secondary braces once the entire height of the tower is
built.

Figure 12. Upper shafts.

Figure 13. Cross-sections. Left: At the transition level
between lower and upper shaft. Right: Typical cross section
of the upper shaft.

Figure 14. Elevation of a chimney.

The following image shows the metallic plates used
for the fixing of the braces to the perimeter tubular
profile on each of the structural rings in the upper
shaft. This system enables keeping the convergence
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Figure 15. Transition plate where braces are fixed.

Figure 16. Transition plate where braces are fixed.

of the axis of all the structural elements, avoiding
eccentricities.

2.2.3 Canopies
The sinuous curves that define the boundary of the
canopies are generated by a ∅200mm tubular profile,
supported, suspended and braced by a set of ∅125mm
tubular profiles, in tension.

2.2.4 Concrete slab
The five towers are supported on an 80cm deep con-
crete slab,which is the roof of the central heating plant.
This slab transmits the loads to five columns, spanning
9 meters. A concrete wall is placed on the perimeter
of this slab.
The position of the chimneys does not and cannot

coincidewith that of the inferior concrete columns that
sustain the slab and everything fixed on it.The position

Figure 17. Two chimneys are joined by a canopy.

of the columns responds to the optimal position for the
correct development of the cogeneration plant, while
the position of the chimneys is a result of the facil-
ities strategic decisions. The concrete slab projected
and constructed has been duly studied and reinforced.
The hypotheses used are those indicated in the Spanish
codes.

3 CONSTRUCTION PROCESS

Chronologically, implementation phases are detailed
as follows:

Phase 1. This phase starts once the concrete slab has
been executed, having placed the metallic moment
transmission system in its depth. Proceed to the
assembly of the lower mast (inner and outer mast),
in a logical sequence of assembly of both hori-
zontal and vertical stiffeners, trying to assemble
as many parts as possible in the workshop, to ease
installation on site.

Phase 2. In this phase starts the placing of the upper
mast. After placing the second inner mast height,
proceed to the assembly of the perimeter rings with
their corresponding radii. Then place main braces.
To complete this phase, braces must be submitted
to a predefined tensioning load of 237 kN.

Phase 3. After placing the third height of the inner
mast, proceed to the assembly of the perimeter
rings with their corresponding radii. Then place
main braces. To complete this phase, braces must
be submitted to a predefined tensioning load of
117 kN.

Phase 4. After placing the forth height of the inner
mast, proceed to the assembly of the perimeter
rings with their corresponding radii. Then place
main braces. To complete this phase, braces must
be submitted to a predefined tensioning load of
26 kN.

Phase 5. In towers A1 and D the last inner mast is
placed before proceeding, as in the rest of the
towers, to put the rings and radii of the top floor
with their braces. Finally, the remaining braces
(secondary ones) must be placed.
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Figure 18. Graphics showing phases 1, 2 and 3.

Figure 19. Graphics showing phases 4, 5 and 6.

Phase 6. To finish the construction process, the
canopies are mounted on each tower.

It should be noted that the construction company
did not follow this system proposed in the project, but
opted for the placement of a scaffold for each of the
chimneys “floors”.To stabilize thewhole structure ten-
sile cables were anchored to dead weight. It resulted
in a more rigid construction system than the proposed
one.

4 CALCULATIONS

Regulations used as reference are the Eurocodes and
their national transcriptions (CTE-Actions and Struc-
tural Design) along with internationally recognized
design guides.
The main aim of the calculation of each tower is to

ensure that in none of the hypotheses any braces are
in compression. So consequently, each of the braces is
prestressed in order not to be compressed in any of the
hypotheses.
A mathematical equations system was defined in

order to relate the effect that tensioning one of the bars
had on the rest of the bars. Consequently, this system
related loads on structure with tensions on bars. This

Figure 20. Scaffolding of the chimneys.

system allowed reaching a solution in which, as said,
all braces were tensed in all hypotheses.

4.1 Loads on structure

Aspreviouslymentioned, the chimneys,which are can-
tilevered structures, aremainly submitted to horizontal
wind loads. Both the dead weight of the structure and
ducts, as well as the possible use load for maintenance
are secondary loads to the tubular structure.
It has already been noted that there is a very impor-

tant internal load, which is the compression generated
on the inner mast due to the tension applied on the
braces.

4.2 Wind loads

The Eurocode has been used for calculating the wind
load that applies to our structure, using in particular
the section dedicated to masts.
The finishingmesh that will cover the chimneys has

been taken as opaque for the study of wind effects.
The effect of horizontal loads on the canopies has

also been taken into account.

4.3 Calculation. First and second stage

On a first approach the calculation of the build-
ing’s dome is made using the AGE program v3.2
[BOMAINPASA slp]: linear analysis of bar and sheet
structures using the finite element method.
A linear calculation has been performed by studying

the individual stresses on each bar and affecting them
by buckling effects.
On a second stage, the structure has been stud-

ied using a nonlinear analysis (second-order P-Delta,
which takes into account the changeof bending rigidity
according to axial forces, the additional perpendicular
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rigidity and limitations/constraints due to deflection).
The method used is the "complete Newton-Raphson"
where the K rigidity matrix is updated after every
subdivision and after each iteration. The computer
program verifies the convergence of the calculation
automatically and stops when it reaches equilibrium.
Once the calculation is done, the consequent

stresses are studied in three different sections on each
bar, and for each ELU scenario. That is, for each bar
6 checkings are carried out. The analysis is performed
only at section level, since according to the CTE DB-
SE, for a structure calculated in second order with
geometric imperfections no bar analysis is needed. For
each bar section, and for each scenario, the follow-
ing stresses are obtained: Fx (axial force), Fy (shear
force, y direction), Fz (shear force, z direction), Mx
(torsion), My (bending moment, y direction) and Mz
(bending moment, z direction). For bars submitted to
tension stresses, only Fx applies. With these values,
sections have been verified according to the following
formulas:

N, Ed / Nt, Rd + My, Ed / My, c, Rd <1.00

(taken from the regulation: DB-SE steel, 6.2.8.(1))Vz,
Ed / Vz, pl, T, Rd <1.00
(taken from the regulation: DB-SE Steel, 6.2.8(4)) For
those bars where at least one section does not satisfy
the previous formulas (that is, their results are >1),
they are replaced by a larger section tube profile Once
these changes are carried out, the model is recalcu-
lated reiterating this process until all the bars meet the
conditions described above.
In our case, the second order calculation did not

contribute in offering any additional information to
the first order one, so the calculation was followed
under first order conditions.

4.4 Buckling of the inner mast

The inner mast is a ∅457*15mm tubular profile,
approximately 40m high. The specification of its steel
is S355-JO. This is necessary because of the average
minimum temperature in Madrid.
The overall stability of the inner mast has been con-

sidered within the full height of the tower, with an
inertia equivalent to that used in the structural model.
Considering themast as a cantilever, that is with β= 2,
the results have been satisfactory.
On the other hand, the buckling that may occur in

the mast between tensed frames has been studied, con-
sidering a height of 9.20m and β= 1. This situation
corresponds to one of the phases of the construction
process.
Both β values indicated above gave similar val-

ues to these taken when studying under second order
conditions.
In calculating the inner mast all checkings estab-

lished in the Spanish regulation CTE were made.
According to the 5.3 table on the CTESEA, the profile
has been considered as being Class 2.

Figure 21. 3Dmodel under showing horizontal movements.

Figure 22. Image of the public space created.

4.5 Stresses in braces

The structural system of the upper tower is based pri-
marily on structural braces for the transmission of
loads. The material of the bars has a minimum yield
strength of 460N/mm2, which means a 30% higher
than the S355 type steel. The braces have diameters
between 20 and 56mm.
After analyzing the various towers subjected towind

loads, and to the actions of the prestressing of bars,
stresses on braces were compared to the strength at
yield, the latter being greater. Therefore, these loads
do not cause resistance problems.

4.6 Lack of verticality

Horizontal movements of the towers have been limited
to a 1/100 of the total height. After the analysis of
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Figure 23. Image of the public space created.

the structure the results were all below the value of
collapse limitation noted above. The dimension of the
movement was of 22.18 cm for towers 39.40m and
40.3 0mhigh, and of 17.46 cm for the rest of the towers,
being 37.10m, 38.70 and 36.40m high, also below the
value of collapse limitation noted above.

5 CONCLUSIONS

The E-Conditioned Chimneys Project has been a very
interesting exercise of working with cantilever struc-
tures, designed with tubular profiles and tensioned
braces, in order to design a cantilevered truss where
braces are in tension under all hypotheses. Working
with tubular bars has resulted in a very attractive
architectural object.
Working with class C4 elements has allowed the

study of local buckling, effective areas in tubes (that
is, the decrease of the real area) and analyzing its struc-
tural response with diaphragms and rigidity plates.
The change in the construction process proposed

by the construction company was very interesting. In
order to reduce operations in site, they constructed in a
workshop each structural ring with the corresponding
height of the inner mast, which only needed assembly
in site.
Collaboration with the architects of the project has

been intense and close, so that the result has been the
best for the space and the chimneys, as well as themost
optimal for the structure.

Pictures 1, 2, 7, 9, 12, 17, 22 and 23 have been taken by the

photographers Ricardo Santoja and Alberto Cubas.
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Towards a new balance between architecture and building technology
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ABSTRACT: In spite of the current economical crisis from 2008 onwards, the subsequent architectural portfo-
lio crisis (down to 30%) and the construction crisis to come in the next 5 years, the developments in architecture
have a slower pace. A longer lasting modus of transition. In the last decade many aspects have intertwined in
designing tubular structures in architecture, have changed architecture, never to return to the former content.

1 FROMTODAY’S ARCHITECTURE

The spatial environment is being shapedby landscapes,
public spaces, private and public buildings, in short by
buildings and spaces. The torn apart functions in spa-
tial environment as approved in the Fifties by CIAM,
seemed clear enough at first. But, while its popularity
grew, thoughtless work brought about more poverty
by the isolation of functions. Nowadays functions in
urban environments are gradually brought together
again and integrated into a higher level of the rich-
ness of life and variation. This may mean that the
solely functional value will not necessarily increase,
but the experience value certainly will. The city orig-
inated from crossroads, human contacts and material
exchange. Buildings, as an intersection of human com-
munication, can achieve the same complexity as a
small city.
Within the great frame of Modernism subsequent

architectural trends have been variants, each of which
was surpassed by a following sub-trend in one or two
decades. Structuralism’s ambition is to accommodate
life from the smallest human level to a greater co-
operatingwhole. It has the shape of a built image of the
beehive-like character of society.Next to thatmany sub
trends busied themselves particularly with different
external shapes of buildings as material appearances
in which the characters of later generations always
can be distinguished. A distinction to show an age
difference and a difference of opinions. In a build-
ing technology sense this leads to a different choice
of materials and shapes of building components. It is
normally not because of technical performances that
building products fall out of grace. More often the
changes in functions and aesthetics, spurred on by the
urge of manifestations of new generations, will lead
to this.
After the age of the clarity of Modernism with its

analysis and separation as a thesis, the integration
as an antithesis shot forward and started to overrule
the architectonical profession. Everybody has to co-
operate with everybody. Everybody interferes with

everything and only a few are ready to take clear
responsibilities. A communal game of shifting off
responsibilities is the result. Everything has to be inte-
grated until nobody remembers cause and effect and
who is responsible for what. In fact integration has
often struck inward, it imploded. Instead of a large
community, a great fogginess occurred. As a possible
synthesis the introduction of individual actions will
again be distinctive and clarifying. The building pro-
cess is a social process and as such influenced by the
spirit of the times. Both building and spatial environ-
ment are the result of a super integration, they are
achieved more and more laboriously and cost fortunes
in these stages of preparation. To justify interventions
in public areas is a right which should be kept safely,
but it often results in inactivity. Some investment is
needed in the search for a better balance in this public
process of integration, in order to get it manageable
again. Would it not be better to gradually get rid of
the outgrowth of the achievements of participation
as seen in the Seventies and to go back to personal
achievements and adventures?
In these days of increasing computer sciences and

virtual reality, the question should be asked whether
it is still logical to create a material envelopment for
a society which changes so rapidly. An envelopment
for which the preparation and realization take such a
long time and of which the material form is so rigid
that every subsequent changes will outdate any build-
ing. Should we, in the future, build like we have in
the past? If so, how adaptable must these buildings
be! This leads to a different answer than that of Archi-
gram in the Sixties, where the building of the future
was looked upon as a material framework which could
be changed and adapted at random, by which individ-
ual spatial needs can be plugged in, zoomed out and
blown up (Cook, 1999) From this image of material
adaptability within a minimally conditioning frame-
work grew the concept of the Centre Pompidou in the
early Seventies.
For that matter it was the first building which mate-

rialized Archigram’s idea so clearly. And even that
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building hardly changes on the outside, certainly not
in the way it was meant to be or in the way the building
is capable of. This may be a matter of limited vision of
the building management.After twenty years of inten-
sive use the building has been painted again and once
more looked like theHigh-Tech architecture bomb that
changed architecture for ever. But many of the build-
ings from the Seventies and Eighties, flirtingwith their
skeleton-like nature and flexibility of usage, prove to
be unchanging buildings when it comes to their usage.
The point has not yet been reached that the use of

the virtual reality of Cyberspace has changed the view
on the built reality. But, minding the imperfection and
the enormous energy which material building brings
along, and the apparent perfection of virtual reality,
the future holds a transition from the concrete to the
abstract world, frommaterial to immaterial world.This
image is summoned by the apparent nonchalance with
which images of a newly designed building can be
generated on the computer in 3D. For that matter it is
known that not everythingwhich is drawn, can actually
be built. First the laws of the material world, the logic
of building technology and rational estimating shall
have to meet their requirements. As for now, for many
observers digital designs are not only a dream but also
a lie as they are un-true.
The new buildings of the first decade of the new

millennium stand out because, in general, they do not
outshine by technical newness, but are sooner compo-
sitions of conventional components, built with estab-
lished materials and by known production manners.
Sometimes the material composition of a building can
be eccentric in its components, in order to give the
building distinction. Usually, however, the maximum
freedom granted to the architect, is the positioning
of material components in space. The different posi-
tioning of components of the building in space has
everything to do with the shape of the building, the
shape of building parts and the shape of components.
This is highly stimulated by using the computermainly
for coordinating shape and geometry.Without the help
of 3Dmodeling and up to date computer science for the
benefit of the phases of both materializing and work-
ing drawings, architecture would never, or only with
great difficulty, have been released from the orthogo-
nal system. One single slant or bent line is just possible
in conventional architecture. Scharoun andAalto were
masters of the slanted line.
But when the geometry of a building can no longer

be described asmainly orthogonal, a border is crossed:
the geometrical complications of predominantly slant-
ing and bent influences in buildings can hardly be
worked out by hand. However, the Eiffel tower has
been produced with the help of approximately 15,000
drawings, done by hand, of mainly straight compo-
nents with non-orthogonal endings. So, we no longer
have our hand in it, also by the conveniences of the
straight T-square and the orthogonal Modernism. In
contrast with the shipbuilding industry, architecture
is capable of functioning without bent and slanting
lines. Is oblique and curved the fashionable trend of the

moment? Working with the computer on these com-
plex geometries goes at the cost of valuable time by
many, in preparation as well as in realization: it takes
a lot of energy and effort.

2 THROUGH COMPONENT DESIGNAND
PRODUCT DEVELOPMENT

The traditional building techniques were mastered by
both designers and builders.This brought rest andmat-
ter of course in the communication between them.
Both parties had acquired sufficient knowledge and
experience to have the building industry in all its ele-
ments be a knownprocess.By the introduction ofmany
new techniques and components which are shut out
of the communal field of experience, however, the
building process has become very restless. What is
more, it seems there is no way back anymore. Due to
the common ruling suspicion among ad hoc constitu-
tional parties in the building team, sometimes tangled
together for one single building project like a Gordian
knot, the learning curve is not positive, if it exists at all.
During the transition period from ‘traditional &

rational building’ to the ‘prefabricated & assembly
building’ it is not surprising that certain knowledge
and experience get lost. This happens with every suc-
cession of generations. It goes hand in hand with the
introduction or the pushing through of newly devel-
oped building techniques by the new generation. The
senior generation will, at first, look with unholy glee
upon the lack of knowledge of the junior generation
when it comes to technique, but will thereupon be
amazed to have to come to the conclusion that after a
period of learning the new techniques are adequately
being mastered. With that, designers have the courage
to make bold proposals, in manners of working, com-
positions and details, by which they pull forward the
building technology considerably. This assumption is
based on the designer’s eagerness to learn about build-
ing technology. Of course, it will sink the ship if young
architects only occupy themselves with purely con-
ceptual designing and not with the preparation for the
actual building.
The young generation of building technology stu-

dents atTUDelft is taught,with the help of all the usual
metal workshop techniques, how to design prototypes
ofmetal façades, how to fabricate these themselves and
how to test them.And after graduation these designers
will demonstrate in five or ten years how they have
become competent technical architects when materi-
alizing building designs, and professional consumers
with respect to the building industry. They look upon
architecture and building technology as one integral
item which cannot be separated. Twenty years ago,
this professional view on the future stimulated me
to introduce the term ‘product architect’: a designer
of building products with architectonical ambitions
(Groenendijk, 1989). He is cousin to the ‘component
architect’, who designs and develops the components
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of the building at the office of the architect, like the
component designer does at the design & engineer
department of a special component producer and like
the product designer does for industrial household
products. These young designers know that for the
development of new building techniques an inventor
cum engineer is needed standing between the architect
and the engineering parties, who serves as ‘Jumping
Jack’between concept and building, in a renewing and
surprising way with a mixture of commercial, scien-
tific and artistic aspirations. The Delft students see
the world of technology differently before and after
making a real material prototype. The TU Delft expe-
rience to make a metal workshop an obligatory part of
the curriculum for the Master of Architecture course
is an inspiration for architectural schools worldwide.
After 16 years of full service the Laboratory of Proto-
types changes its environment for a mobile laboratory,
enabling students to work on building sites and dif-
ferent factory environments to experiment with quite
different components.
Some industrial designers try to converse the very

limited choice of mass manufactured consumer prod-
ucts into a broader choice for the consumer.The build-
ing industry has traditionally always been directed
mainly at the wishes of the customer. A contractor
usually builds exactly what his principal wants, he fol-
lows the consumer’s wishes precisely. Producers in the
building industry, particularly systemproducers, know
that only the additional requirements of the consumer-
architect complete the program of requirements for
the product in question. With special products only a
direct development between consumer and producer
can precede the manufacturing. In the building indus-
try ‘customising’ or customer directedness has never
been absent. Indeed, this is the cause that the industri-
alization of the building branch stuck fast at the level of
serial prefabrication. A level of industrialization as is
usual with the production of cars, will never get started
up in a comparable manner in the building industry,
because of the fragmentation of the order flow and the
diversificationof consumer demands and (ad hoc) the
changing of the production teams. Although standard
products like the smallest components are actually
industrialized, this level of industrialization recedes
in the series ‘Standard product – System product –
Special product’. But the building industry has its own
charming way to work as rationally and efficiently as
possible within the given parameters. Components are
often manufactured from trade materials with the help
of computerized manipulation machines. And when
the series’ size does not allow it, building components
will be produced mechanically or even manually if
necessary.The level of quality and costs of fully indus-
trially manufactured products will then, of course,
only remain a wish-dream to be pursued by the next
generation.
Quality was, traditionally, something which was

achieved at the building-site and could be checked
there as well. With the introduction of more and more
building components which are produced outside the

building-site, both designers and builders have lost
sight somewhat of the productionmanners. Bymoving
the place of production, to the specialist-producers of
components both architect and contractor lost sight on
the daily supervision of achieving quality. The quality
of the many components to be prefabricated elsewhere
depends on the quality assurance processes of the
involved producers. On the one hand, the lower thresh-
olds of the building industry cause few producers to
take initiatives to develop new building products and
introduce them on the market, because there is only a
small chance that the products will be protected and
a far greater chance of being copied by competitors.
On the other hand these lowered thresholds are a direct
cause for the enormous level of boredom which build-
ings reveal. Our built environment is the literary result
of spiritual poverty and lack of courage to take new ini-
tiatives. This goes for the party calling for tender, the
owners, real estate developers and architects cum suis
(advisers) as well as for the tendering parties: contrac-
tors and producers. And when new courses are being
taken, the vision from the party calling for tender on
that of the producing party is often merciless. Many
sacrifices are expected for a cleverly built feat. An
example is the bankruptcy of both the steel construc-
tion company and the glazing company at Nicholas
Grimshaw’s Waterloo Station in London, while the
building itself and its architect were praised highly.
The steel and glass ‘whale’ roof of the DG Bank in
Berlin brought Frank O’Gehry further fame, but the
specialist contractorGartner almostwent bankrupt and
was taken over by Permasteelisa and ceased to exist as
Europe’s finest façade builder.
Conservative designers are of the opinion that suf-

ficient materials and techniques are known and ready
to be used in the building technology. In general the
architect will be more selective and combining than
being a re-inventor of the wheel. Indeed, there is an
over-supply of material means to build buildings with.
However, these material means regularly fall out of
use. Directed interest is capable of completely brush-
ing aside a matured technology and to direct itself at
something different. After twenty years of research
and developments the concrete industry knows how to
make perfect parapets in washed clean concrete which
will not get dirty anymore, come rain come shine.
Unfortunately architects are no longer interested to
propose this material for lining a façade. ‘Beton brut’
is also hardly used anymore. The knowledge of form-
work carpenters to make timber formwork for rough
concrete exposures, has almost gone lost. TadaoAndo
starts a very revival.The architect’s choice ofmaterials
and techniques has a lot to do with what they, abstract
looking in their generation, want to express to society
through the building.
In the personal workplace environment it almost

seems a contradiction for the increasing immate-
rialisation of electronic information flows via the
uncheckable usage and development of the computer
to house them in their opposite: ultimate material and
heavy stony buildings. In there, hope for eternity is
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radiating. Sooner fine building techniques, which are
developed with care and intelligence, would be con-
sidered for a contemporary expression. Large, washed
concrete panels have lost it from lightweight sus-
pended façades, build up with sandwich panels from
millimetres veneer layered natural stones on a rigid
aluminium honeycomb structure. Sandwich panels
have an energetic accountability without an annoy-
ing warmth-accumulation. Glass panels get a growing
insulation value, in combination with a highly light
transparent quality and a low transmission of sun-
energy. In the future glass coatings will be developed
with characteristicswhich can adapt to seasons, aswell
as to the time of day, in reaction to the amount of
received sunlight. This adjustment of physical charac-
teristics is done chemically and does no longer need to
be directed mechanically, like in the Institut duMonde
Arabe of JeanNouvel, or architecturally like the earlier
‘brises soleil’of Le Corbusier and the beetling roofs of
Frank Lloyd Wright. An irreversible transmission can
be traced in the interest in building technology from
civil engineering, where she leaned against for gen-
erations, to mechanical engineering, which notably in
façades, interior building, climate installation services
and movable components of the building, begin to
predominate architectural expression more and more.
Façades and climate installations put together often

make up more than half of the building budget.
Reinforced concrete load-bearing structures are func-
tionally speaking still of an essential importance, but
to architects they are no longer interesting because
there is no designing in them.They have given up their
sculptural aspirations. Steel structures show virtually
all of their muscular play of forces and are much loved
for that reasons andtubular structures take the elegant
part of steel structures in this case.
Through that the building technology has developed

further, unfortunately at the cost of necessary spatial
quality. Which, by the way, does not mean to say that
architecture should become less sculptural. But more
values get lost in the delusion of the complex geometry.
Architects who have always worked conscientiously
and cautiously for ‘durable’ and ‘sustainable’ archi-
tecture and who used the orientation on the sun as
their starting point for an optimum spatial geography
of their buildings, nowwatch helplessly the orientation
on theNorth for photosensitive activities disappear as a
consideration for designing in the workplace environ-
ment. The home environment, on the other hand, aims
far more at logical duration and energy-economy. The
individual needs more protection than the organiza-
tion.The second generation of sustainable architecture
only started recently its development research. It will
take a decade before its technology is mature enough
for popular application, although EU expects clear
energy neutral results in 2020.
The growing demands which are claimed upon

materials and components with which buildings are
being assembled will no doubt result in the going out
of use of certain materials. In general the material
assembly will become more complex in order to fulfil

the growing demands of different natures. With the
increasing demands goes a longer duration of materi-
als, often founded on guarantees. On the other hand
it can be stated that technical performances no longer
determine durations, but rather aesthetical, functional
or economical considerations.
Even durably designed buildings will have to be

adapted, long before their technical duration of life is
reached. In a way durable materials will provide their
own specific problems. How to re-use materials which
still wear well, but never again will be used in the same
form of elements and components because between
use and re-use there is normally a generation of years
and ideas? In architecture, till the end of the Middle
Ages, re-use of components always occurred. Blocks
of marble and purposely hatched natural stones were
often re-used as precious building stones for buildings
of later generations, until the days of prosperity and
plenty made an end to this re-using. The San Marco
in Venice and the cysterns in Istanbul are a proof of
that.Today politics subsidize conscience-easing devel-
opments to use more durable materials in society. The
building industry, as a branch of industry in which
materials already have a relatively long duration of
life, joins gladly in this way of thinking.
The growing ingenuity to answer to higher quality

demands brings along an improvement of materials
which are, for that reason, not so simple to re-use.
Coated glass with silicon edges in double glass panels
pollutes the melting bath of recycled glass so much,
that a far much lower quality of glass would be the
result. Therefore, this coated glass is no longer recy-
cled. Nobody wants to re-use the heavily reflecting
silver-colored and bronze-tinted glass anymore. This
glass is now downgraded to beer bottles. So, valu-
able material which could live much longer, is being
removed as non-degradable waste. The future genera-
tion of coatings therefore has to be degradable again
or possible to melt down without problems. And we
have not even started to incorporate nano-technology
in building products!

3 VIA IDEAAND METHODOLOGY

Architects are in arrears because of their lack of
knowledge of contemporary production techniques of
industrial and prefabricated building products, com-
pared to manufacturers. Manufacturers are orientated
on results and interested in the medium long and long-
term survival chances of their company. They lack
knowledge and insight when it comes to architecture,
their market. They know more of the building indus-
try and the building process. From their point of view,
architects complain that it is difficult to get data from
producers. The reservedness in the attitude of manu-
facturers also comes from the number of times when
they got no appreciation for their design inputs. The
only way to get a flowing stream of information going
is to achieve a direct dialogue between architects and
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manufacturers, based on mutual respect and trust. An
architect can, in general, ‘shop’ only once at a manu-
facturer’s sales department, the next time he will lack
the courage or will find the door closed.
Innovations of building processes and building

products have to bewell prepared.Themain part of the
innovation route has to take place outside the applica-
tion process of the building project, in a preceding or
parallel development route of the innovation system.
Separation of development and application of inno-
vations finds its cause in the great difference between
thinkers and doers. The building industry knows many
doers and the thinkers are being forced to canalize and
temporize their thinking. Fewprincipalswill bewilling
to pay for innovative research with a somewhat more
fundamental character than the direct applicability.
Not many main-contractors will offer the opportunity
for this. ‘Nimop’: ‘not in my own project’. Leave it to
the competition first. Let they take the risks first. Inno-
vation in an ongoing building process can sometimes
have the same effect as a stick between the spokes of
a riding bicycle.
Headwork, preceding innovations in the conceptual

design, are often stimulated by architects by means
of design competitions and magazine publications.
Amongst main-contractors this is done by reflections
on logistics and organization. Manufacturers work
with material research and developments which, next
to the objectives of the company, aim at the rousing
of new products or the improvement of quality and
prolonging the duration of life of existing products in
operation, building up or assembly and continuation
of the manufacturing company.
With the increase of complexity of building tasks

and buildings, there is also an increasingwork division
for preparing and guiding the engineering of build-
ing projects. Next to the complexity, a number of
added advice and management layers became a fact.
These specialists, however, are only capable in their
autonomous fields and by this they burden the com-
munication in the process. Although every specialty
contains autonomy and responsibilities, in the building
industry it seems to become a sport to throw responsi-
bilities to one another, from the calling to the tendering
parties, hierarchically from the first contracted parties
to the last contracted ones. This excess of participants
with diminished liability asks for a better order, back
to a well-organized and manageable building process.
Concentration of authority and responsibility would
clarify the relations within the building team consid-
erably. It is up to the architects to manifest themselves
strongly enough to take charge again of the revealing
weeds of the building management, and by so doing
retrieve, for a great part, their earlier position in the
building process.
This will only happen if the architect places himself

squarely before his task and accepts again full respon-
sibility for the growing importance of the process of,
for instance, the attending and control of building
components drawings, made by specialist-producers.
The drawings of the architect are insufficient for

engineering purposes. Legally the architect used to
take no responsibility for any measurement. Also on
drawings of prefabricated buildings and their compo-
nents sometimes the phrase ‘measurements in thework
to be taken before engineering’ still appears which is
may be legally correct, but in technical engineering is
an incomprehensible anachronism. We will hopefully
live to see that the design and engineering drawings,
clustered in a real 3Dmodel, the Building Information
Model (BIM), will serve as the basis for the engineer-
ing and production drawings of all subcontractors and
manufacturers involved in the project process at hand.
The architect will then have to take responsibility for
the correctness of hiswork, in the knowledge that other
building team members will rely on it. There is an
unique opportunity for the architect to regain his lost
power in the building process with the introduction
of the 3D model of the building to be realized, the
BIM. He has to set up, develop and guard this over-
all 3D-model. The certified 3D-CAD-model architect
will be introduced. In the end all quality assurances of
all building team members, as set in certificates ISO
9000/9001, must correspond. None of the building
team members will be able to withdraw from that, not
one singlemanufacturer and not one architect.The for-
mula of the building team is directed at co-operation,
while the usual system of tendering and sub-tendering
leads to passive or even forced co-operation, whereby
too much sand causes a considerable slowing-down of
the smooth running of the wheels.
The ever increasing perfection of computerized

engineering, challenges a greater spatial quality which
can be calculated mathematically up to an unprece-
dented high complexity level. As a result of this, the
preparation routewill win considerably in quality from
complexity and refinement. If the computer process-
ing of the engineering parties and those of the architect
will be coupled, then the rapidity and accuracy of the
describing of components in working-drawings will
increase aswell. For orthogonal buildings, that are also
in the near future expected to be designed in a 3DBIM
model, goes that every automation can mean profit in
many respects. But particularly more complex geome-
trieswill, with decreasing surplus energy, inevitably be
laid down in 3D models. The step to the actual man-
ufacturing will be considerable and the assembly at
the building-site will drop behind a good deal. The
computer pulls forward the preparation process, while
material production and on-site building stay behind,
because these aremorematerial and human committed
activities.
As far as the author knows, there is no building

component in The Netherlands yet which is placed in
an automated procedure, for instance with the help
of a barcode. Considerable investments will have to
be made in the engineering process, in order not to
lose the profit in spatial quality, as made possible by
the computer in the conceptual phase. The pioneers of
complex, computer stimulated geometries, like archi-
tect Frank O’Gehry, who in their design instrument
also find a stimulus to get to better designs, will
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initially have to take entirely in tow their building team
members of the engineering team, in order to dimin-
ish the widening gap between CAD and CAD/CAB
(Computer-Aided Building).

4 TOWARDS FUTUREARCHITECTURE

The work environment becomes more and more cou-
pled to physical and virtual information flows. Loca-
tion and position with respect to pedestrians, cars and
public transport play an important part, buildings are
alive thanks to the infrastructure of the city. The infor-
mation revolutionwith its unprecedented high speed of
development, will ever more quickly influence the dis-
comfort of an unchangeable building. Many facilities,
like computer floors, which a decade ago testified to
a foresight are being rendered out of date by the great
strides of miniaturization of the computer.
Large, bright glass façades for office spaces are,

because of the great and blinding power of light, no
longer to be combinedwith working behind com-puter
screens. The relevant health & safety regulations can
be adapted.The current office environment gets amore
and more pleasant atmosphere by the partly turned-off
neon lights. The building and the façade as its visu-
ally most important part, will have to symbolize the
evolving of the organizationwith its time.The building
becomes a three-dimensional infrastructure, capable
of growing with the changes of the twenty-first cen-
tury.Therefore, the façade as a metaphor is interpreted
bymany architects in their ownway and translated into
a material design with their own signature.
The architecture of durable buildingwill doubtlessly

result in a neutralizing and abstracting of buildings,
in order to give the entire building a longer life,
functionally and aesthetically. Buildings which are
over-measured in floor space and volumes will, for
that matter, go along with changes of organizations
and different visions on use longer and better than
in economically dimensioned and tightly cut-in build-
ings. This requires a change in the economic way of
investment thinking.
The on-going developments in hardware and soft-

ware of computer technologymay result in an increase
of working speed, a greater efficiency and complete-
ness of production and perfection of the built result.
The critical factors remain, after the vision of the prin-
cipal, creativity and imaginative faculties, the search
for spatial tension and unexpected surprises in the
work of the architect. Important are the knowledge,
know-how and insight of the architect to choose
the most appropriate materials, elements and compo-
nents and to know and describe the artistic design of
singular materials via various methods of manufactur-
ing. Designers with sufficient knowledge and skills,
but without insight and vision will increasingly be
unmasked when the revolution in the designing infor-
mation science will have spent itself. ‘Architecture is
still about making good and excellent buildings’. It is

the author’s opinion that the architect must be com-
pletely responsible for the entire building. This can be
done on a continuous basis if hewatches over the entire
building development route.Adhoc project processing
in which at the same time the long term is not directed
at, will not lead to a consolidated ‘body of knowledge’.
In those cases an equal surplus energy will be neces-
sary, which will eventually lead to loss of interest of
the parties involved and to a slowly disappearing out
of sight of the started search for a better quality.
Improved material assemblies, details and mate-

rial performances require a higher level of building
technology than the mere geometric fiddling with the
computer. Engineering follows design, as an activity
essential to come to a good processing of the design.
From a building technical point of view, the computer
designs of Bernard Tschumi are assembled from very
conventional, if not to say traditional elements and
components. Spatially curved roofs in his designs are
build up from curved rolled open steel profiles, while
the building technology was already far more devel-
oped into a higher level of refinement in the form of
curved tubular steel elements. Excellent in the field
of geometry, but not so in building technical assem-
bly. The secret might be that one can only spend one’s
interest once, either on a complex geometry or on a
complex and refined assembly or structures, but not
yet on both. Architects do have the ambition to cre-
ate the new spatial quality by means of new building
techniques, but for the time being they must ‘reculer
pour mieux sauter’. First go back to education, col-
lect knowledge and insight before the forward jump,
and only later refine this in the striving to an intelli-
gent form, an intelligent assembly and possibly even
an intelligent responsive building, the step into the
future. That level of a pre-programmed responsive
intelligence of buildings is surely a prospect in the
near future if architectural technology will be inter-
twined with climate installation services and façade
technology at a higher level.
In general, building technology becomes ever less

massive and ever more influenced by mechanical
engineering. The steel industry preceded the con-
crete industry in this respect. Even the concrete
building industry will experience its influences. As
the bearer of all finished constructions, increasingly
higher demandswill have to bemet by the load bearing
framework, in the sense of strictness and tolerances.
The precision of steel structures is high. Steel struc-
tures lead the state of the art. The precision of the
concrete building industry cannot remain what it is
now and was it one generation ago. This requirement
will influence the manufacturing manners of concrete.
It will lead to new 3-D definitions and the dimen-
sional surveying of the reinforced concrete framework
after pouring or the dry assembly. It will lead to a new
generation of concrete building technology.
There is an increasing need for a defining party at

the building-site as an independent surveying activ-
ity, not forced by bad work, but as a necessary and
demanding intermediary between the building parties.
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Especially on the fracture in between rough build-
ing and finishing stage many obscurities and non-
fulfillments occur. In earlier days the building contrac-
tors surveyor did this job, but it is now taken off his
hands. The building parties have to be affiliated to the
project-CAE, (Computer Aided Engineering) which
watches over anddetermines geometries yet to be built,
a necessary step to CAB (Computer Aided Building).
In several fields, the computer shall have to simplify
local building (i.e. the pouring of concrete) and the
assembling of prefabricated components. A control
function, instigated by a specialist surveying operator,
in future mechanization, automation and robotizing of
a growing number of activities at the building-site, will
be a prospect for the next computer generation’s use
of the onsite.
The manufacturing techniques of building products

and components, which came into use during the last
generation of industrial architecture, the High-Tech
Architecture era, are available and absorbed as com-
mon knowledge. That will provide a balance between
the knowledge and know-how of the architect at a
building technical level, like it was known in the tra-
ditional and rational days. The current tendency to
escape into conceptual thinking because of the lack of
knowledge and insight in manufacturing techniques,
and stimulated by the strive for performance estimates
will, after the injection of the present very mechanical
engineering-like production techniques, form a new
balance again. The architect has to regain his master-
ship of integration of all components into a building

which bears his view on spatial quality. The design-
ing of buildings has to lead to architecture with a
highly functional and spatial quality and a long dura-
tion of life. But, most of all, architecture has to be
exciting, surprising and give us the feeling of living in
an exciting world.And tubular structures stimulate the
technical quality of architecture.

5 CONCLUSION

“The younger generation has to surpass the accom-
plishments of the established generation of designers.
Not to copy their work, but rather to stand on their
shoulders, interpret the signs for the future, investi-
gate new possibilities and develop new interpretations,
make a new generation statement and look fresh into
the future. Knowhow and insight may increase, it also
has to be applied in ever changing situations according
to the best knowledge available, yet with an ambition
to surpass the current world. Stand on the shoulders of
the current generation and look further!”
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Application of concrete filled steel tubular arch bridges in China

Y.Y. Wang, X.R. Wu,Y. Geng & S.M. Zhang
School of Civil Engineering, Harbin Institute of Technology, Harbin, China

ABSTRACT: China is a mountainous developing country, in which a lot of streams and rivers rush through
deep valleys.Arch bridges are economically applicable to span river valleys and deep ravines with high-gradient
rocky riverbank and fast water flow. Concrete-Filled Steel Tubes (CFST) are ideal structural solution for arch
bridges in China because of their high compressive strength as well as efficiency in construction. This paper
conducted an extensive survey of the standing CFST arch bridges in China. The design of this kind of bridge,
including the structural information of the bridge, the geometries and material properties of the arch, and the
construction method of the arch are discussed. Typical CFST arch bridges were introduced in more details.
Suggestions on the design of this kind of bridges were brought forward.

1 GENERAL INSTRUCTIONS

Concrete filled steel tubes (CFST) are members made
of hollow steel tubes filled with concrete (also called
core concrete). Concrete filled steel tubes can com-
bine the advantages of steel and concrete material.The
encased core concrete prevents the thin-walled steel
tube from local buckling. In return, the steel tubes
provide confinement to the core concrete improving
the compressive capacity and ductility of the CFST
members. During construction, the hollow steel tubes
can act as permanent formwork for the pumping of the
core concrete, saving time and cost for establishing and
demoulding the temporary shoring systems.
Considerable research efforts have been devoted

over the past decades to investigate the static
and dynamic behaviour of CFST columns. General
reviews of the investigations have been presented by
Tomii (1991), Shams & Saadeghvaziri (1997), Shan-
mugam& Lakshmi (2001), Uy (2005), Goode (2006),
and Zhong (2006). As a result, CFST members have
gained their popularity in subway structures, towers,
tall buildings and bridge applications.
In bridge construction, CFST members have been

used as the piers, the falsework, pylons, main girders,
and arch ribs, etc. Among all possible applications of
CFST members in bridges, their use as main arch ribs
is the most extensive one. These bridges are called
CFST arch bridges. Using CFST members as arches
canmake a full use of their advantages on load bearing
capacity due to the fact that arches are almost under
pure compression when subjected to distributed load-
ing. During the construction of CFST arch bridges, the
hollow steel tubes are first hoisted and erected to span
the river or valley.After the closure of the hollow steel
arches, the concrete is pumped inside the steel tube.
The lightweight and strong resistance of the steel tubes

make it possible for the structure to span long distances
and, because of this, construction techniques such as
the slipform method are not needed.
This paper presents the development of CFST arch

bridges, as well as an extensive survey of the standing
CFST arch bridges in China, including the structural
information, the geometries and material properties,
the construction method, and existing problems in
CFST arch bridges etc.. Designing suggestions are
provided based on the survey results.

2 DEVELOPMENT OF CFSTARCH BRIDGES

The first CFST arch bridge in the world was built in
1939 over the Icet River (Icet�) in Siberia, former
Soviet Union, with a span length of 140m (Figure 1).
Compared to the steel arch bridge, this bridge is con-
sidered to be more economical by reducing 52% of the
amount of steel and saving 20% of the cost (Cai 2007).
The bridge is built with on-ground-type scaffolding
method, with which the advantage of the CFST mem-
bers in the efficiency and cost effectiveness during the
construction is not utilized.

Figure 1. First CFST arch bridge in the world (Cai 2007).
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Figure 2. Development of the CFST arch bridges in China.

After this first bridge, no other CFST arch bridges
were built for more than 50 years due to the limitations
in the construction method. It was not until the 1990s
that the CFST arch bridges started to become an attrac-
tive structural solution.Although this competitiveness
is not predomingant in developed countries as the con-
struction of this kind of bridge needs site pouring of
the concrete, some applications have been constructed
in Europe, Japan and America.
The real development of the CFST arch bridge has

been taking place in China. China is a mountainous
developing country, where concrete is still more eco-
nomical than steel. Availability of more high-strength
steels and concrete as well as the improved segmen-
tal hoisting and concrete pumping techniques further
expanded the feasibility of CFST arch bridges. Since
1990, when the first CFST arch bridge, theWangCang
East River Bridge, opened to traffic, more than 300 of
this kind of bridges have been built in China, among
which more than 85 bridges have a span longer than
150m.
Figure 2 presents the development of CFST arch

bridges in China during the past decades, in which
‘Planned’depicts bridges under construction. It is clear
that the span of the bridge become longer with time
and the number of the bridge built every year is also
increasing.According to the location of the deck to the
arch, the CFST arch bridges can be categorized into
three types: the deck arch bridge, with the deck com-
pletely above the arch; the through arch bridge, with
the deck located at the height of the arch springing;
and the half-through arch bridge,with the deck passing
through the arch at the mid height. So far, the longest
span among CFST deck arches in the world is the
430m long Zhi Jing River Bridge in Hubei Province
(China), opened for service in 2009.The longest CFST
through arch bridge in the world is the Yong River
Bridge in Guangxi province (China), opened to traf-
fic in 2004, with a span of 338m and a deck width of
35m. The He River No. 1 Bridge (under construction)
in the Si Chuan province of China, is the longest half-
through CFST arch bridges in the world with a span
length of 529m.This bridge is also the world’s longest
CFST arch bridges.

Figure 3. Zhi Jing River bridge.

Figure 4. Yong River bridge.

3 REPRESENTATIVE CFSTARCH BRIDGES

3.1 Deck arch bridge

The longest CFST deck arches in the world (Zhi
Jing River Bridge, 430m long, China) is presented in
Figure 3. The truss arch ribs are 6.5m high at the arch
crown and 13m high at the arch springing, and have a
constant width of 4m throughout the arch length, com-
prising four 1.2m diameter circular CFST arch ribs
with a thickness of 24 (30, or 35)mm andwebs formed
by diagonal and vertical hollow steel tubes. The cate-
nary arch rib has a rise-over-span ratio of 1/5.5. The
distance between the two arch ribs is 13m. Twenty
wind braces are installed between the ribs to ensure
the lateral stability of the bridge.

3.2 Through arch bridge

The longestCFST through arch bridge in theworld (the
Yong River Bridge, 338m long, China) has the deck
width of 35m (Figure 4). The rise over span ratio is
1/4.5. There are sixteen windbraces between the arch
ribs to increase the lateral stability of the structure.
The parabolic arch rib is 3m wide and 8∼13.29m
high, consisting of bottom and upper dumbbell shaped
CFST chords and diagonal and vertical hollow steel
tubular trusswebs.The circular steel tubes of theCFST
chords are 1220mm in diameter and 16(20) mm in
thickness.
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Figure 5. Wu Xia Long River bridge.

Figure 6. Second Saikai bridge.

Figure 7. Cross-section of arch ribs of second Saikai bridge.

3.3 Half-through arch bridge

The construction of the world’s longest CFST half-
through arch (He River No. 1 Bridge, 529m long,
China) started in 2009 (Figure 5). Four 1320mmdiam-
eter CFST members filled with 50MPa concrete and
hollow steel tubular webs constitute the 4m wide and
8∼16mhigh catenary truss arch rib.The rise over span
ratio is 1/4.5.

3.4 CFST arch bridges without wind braces

In 2006, the world’s longest CFST arch bridge without
wind braces, i.e. the Second Saikai Bridge, was built
in Japan with a span length of 230m (Figure 6). The
span to rise ratio is 4.79. The arch rib has a regular
triangular truss cross-section (Figure 7) consisting of
three steel tubes with an outer diameter of 812.8mm
and a maximum thickness of 50mm. The bridge has a
width equal to 20.2m.

3.5 Cable stayed CFST arch bridges

The 400m-spanXiang Jiang Si Bridge (China) opened
to traffic in 2007 (Figure 8). The tower is in H-
shape with a height of 90m. The distance between

Figure 8. Xiang Jiang Si bridge.

the two arch ribs is 34m, with eleven windbraces. The
parabolic truss arch rib with the rise over span ratio
of 1/5.19 has six 850mm diameter circular CFSTs
(three in the upper chord with the steel tube thickness
of 22(24, 28) mm and the other three in the bottom
chord with the steel tube thickness of 20(24, 28) mm)
connected with CFST solid webs in the horizontal
direction and 450mm diameter hollow circular steel
tubular truss webs in the vertical direction, except for
the part at the arch springing where the cross-section
is fully filled with concrete to improve their impact
resistance from boats and ships. The arch is 9m high
at the arch crown and 5m high at the arch springing,
and has a width of 3.55m.

4 SURVEY OF CFSTARCH BRIDGES

An extensive survey of the standingCFST arch bridges
was conducted with the information collected through
the website, the literature review or provided by some
bridge designers in China. The designing information
collected from 313 CFST arch bridges is an update of
the designing information reported by Chen (2007) on
202 CFST arch bridges. In this section, an overview
and discussion of the design information are presented,
including the structural information of the bridge, and
the geometries and material properties of the arch.

4.1 Structural information

4.1.1 Bridge type
Out of the 313 CFST arch bridges, 148 are half-
through arch bridges, 144 are through arch bridges,
and the remaining 21 are deck bridges (Figure 9). For
those bridges with a span longer than 150m, there are
62 half-through arch bridges, 11 through arch bridges
and 12 deck arch bridges.
It can be seen that the number of the deck arch

bridges is limited, being only 7% of the total number
of built bridges and 15% of those bridges possessing a
span longer than 150m. This is because, for this type
of arch bridge, the elevation of the deck is high, mak-
ing it only suitable for very deep valleys with steep
walls. The use of the through arch bridges represents a
competitive solution for small spans. More than 58%

467



Figure 9. Different bridge types for CFST arch bridges.

Figure 10. Ratio of span over width for bridges with
different span length.

of the CFST arch bridges with a span smaller than
150m are through arch bridges. They lose their com-
petitiveness whenmoving to longer spans, because the
limited clearance over the water cannot meet the navi-
gation requirements for broad rivers. The half-through
arch bridge therefore is the dominant bridge type used
for long span CFST arch bridges, representing more
than 71% of the total number of built bridges.

4.1.2 Ratio of the span over width
In the designing of CFST arch bridges, the designers
normally determine the width of the bridge accord-
ing to the number of traffic lanes required, leading
to a great range of ratios of span length (l) over
bridge width (b) (Figure 10). From Figure 10, it can
be observed that the value of l/b gets larger as the
span gets longer, meaning that the CFST arch bridges
tend to be narrower compared to the longer spans. As
a result, most of the CFST arch bridges with a span
longer than 150m will buckle in the lateral direction
under ultimate loading, which may be further trig-
gered by the increasing deformations produced by time
effects.

4.2 Geometrical information for arches

4.2.1 Arch profiles
Figure 11 summarizes the number of CFST arch
bridges with different arch profiles.

Figure 11. Different arch profiles for CFST arch bridges.

In deck arch bridges, the catenary arch curve is the
most used, being used in 85% of the total number of
bridges.All deck bridgeswith a span longer than 150m
possess catenary arches. For half-through arch bridges,
the catenary arch profile is more competitive than the
parabolic one: 65 out of 107 half-through arch bridges
have catenary arches. Its advantages becomemore pro-
nounced when the span is longer than 150m, in which
case the number of catenary arch bridges is almost
three times of those with parabolic profiles. The use
of the parabolic curve is more popular in through arch
bridges (accounting for 72.6% of the total number)
because the deck loading, distributed uniformly along
the span, is more significant. Among the 311 bridges,
only three bridges use circular arches, none of which
has a span longer than 150m. Though the catenary
curve and parabolic curve are almost equally popular
in CFST arch bridges, the former one possesses the
dominant number in bridges with a span length longer
than 150m.

4.2.2 Span-to-rise ratio
The flatter rise of the arch leads to higher horizon-
tal thrust, causing difficulty in the design of but-
tress, foundation and the ties if adopted. The bending
moment inside the arch ribs increases with the increas-
ing span-to-rise ratio. A low value of the span-to-rise
ratio, on the other hand, leads to higher material costs
for the arch and causes difficulties in the construc-
tion of the arch as it becomes higher, also leading to
possible problems with lateral buckling. In this con-
text, the span-to-rise ratio should always be carefully
determined.
The span-to-rise ratio (l/f ) for the standing CFST

arch bridges covers the range 2–10 (Figure 12). It
is obvious that most of the bridges, especially those
bridges with a large span, have the span-to-rise ratio
between 4 and 5.5 to achieve the best balance between
cost and structural safety. For bridgeswith small spans,
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Figure 12. Span to rise ratio for bridges with different span
length.

Figure 13. Different arch cross-sections for CFST arch
bridges.

the ratio of span over rise tends to have a large variety
to fulfill aesthetic needs.

4.2.3 Cross sections of the arch
Awide range of cross-sectional shapes can be used for
the CFST arch member, including dumbbell shaped,
trussed, circular, obround, cluster type, and rectan-
gular. The number of bridges with different cross-
sections is illustrated in Figure 13. The dumbbell
shaped cross-section was adopted in the first CFST
arch bridge, the Wang Cang East River Bridge. Since
then, 114 CFST arches have been built using dumb-
bell shaped cross-sections. Despite its extensive use,
this kind of cross-section is not recommended (Zhong
2000) as it commonly has a poor pouring quality of
the concrete inside the web and the welding connec-
tion between the steel web and the steel tube has a
high possibility of tearing up during the web con-
crete pumping. Besides, the dumbbell shaped CFST
members attract more bending moment along the arch
compared to CFST members in a truss structure. The
trussed arch is another popular arch type in CFST arch
bridges, with a total number of 101 bridges being built.
The trussed rib is more desirable for long span arches.
Among the 44 CFST arch bridges with the span longer
than 200m, 41 are built in the trussed form. Dumb-
bell shaped cross section and single circular shaped
one only suit for bridges with a span length shorter
than 200m.The latter one has 26 applications with the
maximum span of 158m, 92% of which have a span
shorter than 100m. The obround arch cross-sections

Figure 14. α value at the cross-section of CFST members
for arch bridges with different span length.

are used in 23 bridges with a span length no longer
than 150m. In the 1990s, the designers tried to use
the cluster type arch in CFST arch bridges but real-
ized that it was not as effective as the trussed rib in
resisting bending moments and it required complex
connection detailing between the circular tubes. As a
result, this kind of bridge was only used in 9 projects
constructed between1996 and1999.After 2000,CFST
arches with rectangular cross-sections appeared, with
the total number of 7 bridges whose span length is
limited to 100m.

4.2.4 Ratio of steel area over concrete area
Figure 14 illustrates the ratio of steel area over concrete
area (α) at the cross section of CFST arches for bridges
with different arch spans. It can be observed that the
generally used ratios of α cover a range of about 0.04
to 0.16, which is relatively low compared to CFST tall
buildings with the α ratio of 0.08∼0.2. Among all the
CFST arch bridges, 85% have the α ratio smaller than
0.08, some even lower than 0.04. Though the α value
increases with the span length, only 3 bridges have a
α ratio larger than 0.12.

4.3 Material information

4.3.1 Steel
The application of steel tubes with different yield
strength (fy) in CFST arch bridges built in China is
presented in Figure 15. Steel with the yield strength of
345MPa is the commonly specified material for the
steel tubes used in CFST arches especially when the
spanof the bridgegets longer or the bridge is builtmore
recently, taking 83% of the total number of bridges,
91%of bridgeswith spans longer than 150m, and 92%
of bridges opened to traffic after 2000. Only for one
out of the 42 bridges completed after 2000 the steel
has a yield strength of 235MPa.

4.3.2 Core concrete
Figure 16 compares the number of CFST arch bridges
using core concrete with different strengths. In this
figure, the concrete strengths are graded following
the Chinese Code (GB 50010-2010), with the charac-
teristic strength being measured from concrete cubes
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Figure 15. Different arch cross-sections for CFST arch
bridges.

Figure 16. Application of concrete with different strengths
in CFST arch bridges.

with the dimensions of 150× 150× 150mm ( fck-cube).
The corresponding cylinder characteristic strengths
(fck-cylinder) are listed in Table 1 (CEB-FIP 1993). As
expected, the core concrete strength tends to increase
for more recent bridges and with longer spans. C50
is the most popular concrete grade in the standing
CFST arch bridges, with 59% applications in the total
number and 79% within bridges with the span longer
than 150m. C40 concrete is also commonly adopted in
CFST arches, especially for those bridges built before
2000, among which 55% built with C40 concrete.
There are 7 bridges which used C30 concrete to fill
the steel tubes and their spans remained below 125m.
After 2000, C30 concrete is no longer used for the
main structural members, and CFST arches started to
be filled with higher concrete compressive strength,
i,e, C50∼C60.

Table 1. Characteristic strength values (MPa).

Concrete grade C30 C40 C45 C50 C55 C60

fck-cube 30 40 45 50 55 60
fck-cylinder 24.2 32.3 36.2 40 45 50

5 ISSUES REQUIRING SPECIALATTENTION
IN DESIGN

5.1 Time-dependent behaviour

The creep and shrinkage of the core concrete increase
the deformation of the CFSTmembers leading tomore
considerable deflection in CFST arch applications.
For example, the constructional-site-monitor system
installed on the Nan Pu Bridge (Zhe Jiang, China,
span length 308m, open to traffic in 2003) detected
that the displacement of the arch crown was increased
by 20mm due to the time-dependent behaviour of the
core concrete in arch ribs after 230 days from concrete
pumping, equivalent to 20% of the total deflection
caused by its self-weight (Zhang 2007). The arch of
theYa Ji Sha Bridge (Guang Dong, China, span length
360m, open to traffic in 2000) was detected to sag by
0.12m after one year of operation (18 months under
loading from the core concrete pouring) (Xin & Xu
2003). The increased deflection of the arch caused
by the time-dependent behaviour of the core concrete
need to be considered in the design as it can make the
arch axis deviate from the dead-load thrust line induc-
ing incremental moments along the arch. It is also
important to consider the time-dependent deflection
of the arch when determining the length and jack-
ing forces of the suspenders during the construction
to ensure the flatness of the bridge deck and to prevent
concrete cracking of the deck.
The time effects of the core concrete modifies the

initial stress and strain patterns at the steel and con-
crete cross-sections, relaxing the stresses in the core
concrete due to imposed strains, and increasing the
stresses in the steel tubes. Measurements obtained
from on-site monitoring of the Qian Island Lake
Bridge (Zhe Jiang, China, span length 252m, open
to traffic in 2006) indicate that the stress in the steel
tube at the arch crown increased by 45% 140 days
after the core concrete pumped into arch ribs due to
the time effect (Chen et al 2007). Used as the tem-
plate and falsework of the core concrete pumping, the
steel tubes normally have a relatively high initial stress
which will be further increased by time effects of core
concrete sometimes causing unexpected steel yield-
ing during the bridge service life. An example in this
sense consists of theWanxianYangze River Bridge (Si
Chuan, China, span length of 420m, open to traffic
in 1997) (Gu et al 1999). Without the consideration
of time effects of core concrete, the predicted stress
states in the steel tubes of this bridge are acceptable
in all the phases. After considering creep effects of
the core concrete, the steel tube with the yield stress

470



of 345MPa yield at the arch crown of the top flange
at the end of the construction. The measured stresses
are even higher (already yielded at the completion of
concrete casting).

5.2 Separation of concrete core
from steel tubes

Monitor programs carried out in construction sites
have pointed out that, for CFST members, there is the
tendency of the concrete to separate from the steel
tubes, especially when used in bridge applications.
Some of the main reasons at the basis of this sep-
aration include poor pouring and curing conditions,
shrinkage of the concrete core, and daily temperature
fluctuations.
Site detections were conducted for someCFST arch

bridges built in the 1990s to check the bonding condi-
tion between the concrete and the steel tubes by using
the Ultrasonic Flaw Detectors and by drilling small
holes on the arches. The detection results indicate that
for someof the bridges the concrete core severely sepa-
rate from steel tubes inmain CFST arches.The Fochen
Bridge (Guang Dong, China, span length 112.8 m,
open to traffic in 1994) was detected to have 288 sepa-
rations with the area larger than 400 cm2 and the depth
bigger than 0.5mm in main arches after 5 years in ser-
vice. At the arch crown, the separation is 30∼100mm
in depth, while the outer diameter of steel tube is
only 1000mm (Zheng & Sun 2000). For the Nanhai
Sanshanxi Bridge (Guang Dong, China, span length
200m, open to traffic in 1995), after working for 13
years, separations between the steel tube and the con-
crete core are all along the main arch ribs with the
depth ranging from 2 to 22mm (the steel tube has a
diameter of 750mm) (Huang 2010). In some cases this
behaviour may become sufficiently severe to reduce
the confinement effects and to induce local buckling
problems for steel tubes and hence affect the ultimate
capacity of the structural system. Taking the Wujiang
SecondBridge (Chongqing, China, span length 140m,
built in 1996) for example, after opened to traffic for
6 years, the separation between the concrete core and
the steel tube is 20m long at the arch crown with the
depth ranging from 3mm to 20mm, while the steel
tube has the diameter of 750mm (Zhang 2005). Yang
et al (2008) conducted experiments to investigate the
reduction of the ultimate strength for members with
the same separation ratio (ratio of separation area over
the area of the cross-section) and found out that the
ultimate strength can reduce by up to 16%.
Most of the severe separations inCFST arch bridges

are induced by unreasonable arrangement of the air
exit hole along the steel tubular arches, and the poor
fluidity of the core concrete which needs particu-
lar attention for the designers. A possible solution to
address these problems is to add expansive additive
to the concrete mix. The commonly used amount of
the expansive additive is 11.3%∼15.2% of the cement
weight.

5.3 Durability of CFST members

Working out of the doors during operation, CFST
members need to be carefully protected from rusting
in bridge applications. Due to the poor anti-corrosion
measures, some steel tubes of the CFST members
in bridge practices were already found to be rusted
after several years of operation. One of the exam-
ples is the CFST arches of the Fochen Bridge (Guang
Dong, China, span length 112.8m, open to traffic in
1994). Using acrylic enamel as the corrosion protec-
tion, the main arches of the Fochen Bridge have been
found slightly rusted in the steel tubes of upper and
bottom chords and heavily rusted in steel webs and
wind braces after 5 years in service (Zheng & Sun
2000). The acrylic enamel can only effectively pro-
tect steel from rusting for 1∼5 years, and hence needs
be checked and repainted frequently in bridge prac-
tices. The CFST main arches of the Wujiang Second
Bridge (Chongqing, China, span length 140m, built
in 1996) also suffered severe rusty problem (Zhang
2005). This bridge adopted fiber reinforced plastics
and composite material to coat steel tubes for anti-
corrosion purposes. 6 years after operation, the steel
tubeswere found to be rusted all along the arch, though
the fiber reinforced plastic or composite material coat-
ing was still in good condition. One of the effective
ways to protect the steel tubes of CFSTmembers from
rusting is thermal spraying with Zinc, Aluminium or
various amalgams (Chen 2007). With a service life of
20∼40 years, this technique has been widely used in
steel bridges in developed countries like UK andUSA.

6 CONCLUSIONS

CFST members can be a competitive structural solu-
tion for arch bridges. When the bridge is expected to
span long distances, half-through CFST trussed arch
bridges are recommended with the catenary arches
possessing the span-to-rise ratio of 4∼5.5, which are
prone to lateral buckling problems due to the high
span-to-width value. Time effects have a considerable
influence on the static response of CFST arch bridges
as the ratios of steel area over concrete area (α) at
the cross section are commonly rather low (≤0.12).
Currently built CFST arches normally comprise steel
with yielding strength of 345MPa and concrete with
the 28-day cylinder compressive strength of 40MPa.
Based on site monitoring data from real bridges, this
paper also pointed out some design issues that need
designers’ particular concern. These include the time
effects of the core concrete, the separation of the core
concrete from steel tubes and the anti-rust treatment
for steel tubes.
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Blue Tree in a Red Landscape: Structure of a sculpture

R.H. Keays
Keays Engineering, Melbourne, Australia

ABSTRACT: “Blue Tree in a Red Landscape” was conceived by sculptor Konstantin Dimopoulos for the
RACV Country Club in Healesville in country Victoria, and installed in March 2010. The author of the paper
had the task of designing the structure to achieve the sculptor’s concept. Blue Tree is about 7.5m high and
consists of 75 RHS planks with 150 connections – all different. Purpose-written programs were used to convert
the sculptor’s model to a finite element model for analysis and CAD models for automatic drawing preparation
of each component. Corrosion protection was achieved using a high-build paint system.

1 INTRODUCTION

More than 2000 homes were lost and nearly 200 peo-
ple died inVictoria’s Black Saturday fires in February
2009. The Healesville Country Club was not physi-
cally affected, but the surrounding hills were covered
with the blackened trunks of burnt trees. The Country
Club was a major refuge for people evacuated from
their homes and served as temporary headquarters for
the fire fighters.
Konstantin Dimopoulos (Kon) took this vista as

the inspiration to create a work that spoke of both
the fragility and the strength of the human spirit. He
described it as a homage to the community through a

Figure 1. Kon Dimopoulos: Blue Tree in a Red Landscape
2010.

natural metaphor of energy and vitality of the tree and
its renewal.
The work is coloured an intensely rich blue to sig-

nify the renewal of life from the black. The base of the
sculpture is in black to reflect the black slate of the
pool surrounding the sculpture, and then rises into this
intense blue.
The author was engaged by Kon to design the struc-

tural form and its connections and supervise drafting
of the details.
This paper starts with a review of design loads for

sculptures in general, drawing on the author’s expe-
rience. It then moves to the details of the design to
accommodate those loads, and thence to the practical
aspects of design and construction.

2 DESIGN LOADS

2.1 Gravity loads

Self-weight is the most obvious source of gravity
loads, and is easily addressed, but Live Load could
well be critical in a structure accessible to the public.
The author recalls an incident in a school play-

ground where a bearer for a scramble net failed.When
a teacher was asked how many children were on the
net, the answerwas “All of them!”Bearing this inmind
when the author designed the structure of the sculpture
of Rod Laver (Figure 2) at the Rod Laver Arena, his
racket shaft was designed to sustain the weight of one
person bouncing on the frame.
For Blue Tree, there was a clear need to allow for at

least one person standing on the end of a branch, and
perhaps a number on the structure as a whole.

2.2 Wind loads and wind-induced vibration

With the complex shapes associated with sculptures,
assessment of wind actions on the structure is not easy
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Figure 2. Rod Laver Statue with Racket.

to do accurately. Facioni & Smith (1999) had accurate
scale models which they placed in a wind tunnel, but
this was not a practical option with Blue Tree.
An assessment wasmade of the drag of the structure

as a lattice tower to give the total base moment and
shear. This was then crudely distributed amongst the
members in the structural model by applying a lateral
acceleration to all members in the cardinal directions.
The 1:500 year wind base moment corresponded to a
horizontal acceleration of 2.4 g.
Wind-induced vibration is a potential problem with

any unusual slender structure. Keays (2008) noted
ten such problem structures including two sculptures
and two phallic symbols atop of high-rise buildings.
Most of these were constant cross-section cantilevers
in Melbourne where afternoon sea breezes up to 20
knots occur three times a week. Those where vibration
was not addressed in the original design showed signs
of failure within 6 months of construction.
An unusual one was Manchester’s “B of the Bang”

(Figure 4), which had tapered conical sections. The
texts on vortex shedding suggest that tapered sec-
tions are not likely to experience correlated vortex
shedding.They also suggest that “cluttered” structures
have considerable aerodynamicdampingwhich should
minimize the magnitude of vibration. Hence the early
failure of “B of the Bang” might not have been pre-
dicted. Nevertheless, the author observed vibration in
10 knots of breeze in September 2006 (after ISTS11)
as the probable cause of the clearly visible failures.
Kon, as a sculptor, has a different perspective on

wind-induced vibration from that of a structural engi-
neer. Figures 5 and 6 show two of his earlierworks.The
thin high performance composites fronds are dynamic,
moving hundreds of mm in even gentle breezes.
Kon’s concept for BlueTreewas for amore substan-

tial structure than his earlier works. The tree branches
were seen as Planks projecting from a central trunk.
Such Planks might well suffer from wind-induced

Figure 3. Cracking in tubular discovered by lighting tech-
nician.

Figure 4. B of the Bang.

vibration leading to possible failure, or a shortened
fatigue life. So a decision was made to ensure the vor-
tex shedding wind speed for individual Planks was
greater than 30 knots, making it unlikely there would
be sufficient time spent in wind-induced vibration to
cause fatigue failures.

3 MATERIAL SELECTION

Budget requirements suggestedmild steelwas the only
practical material for the Tree. A flat bar section was
considered first, but this proved either too flexible or
too heavy. This led to the use of an RHS section. The
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Figure 5. Kon Dimopoulus: Kete 2004.

Figure 6. Kon Dimopoulus: Firebird 2006.

standard 150× 50 size proved acceptable artistically
and structurally. 150× 50× 3 proved to be sufficient
for all but a few Planks, with 150× 50× 5 for some
critical members, and 150× 100× 6 for the four legs
planted in the pond.
The calculated vortex shedding wind speed for the

150× 50× 3RHS was over 30 knots at 1.6m can-
tilever, so this was adopted as the maximum cantilever
allowed in the structural form.

4 CORROSION PROTECTION

Blue Tree is planted in a 9m diameter pond. The edge
of the pond is level so that water flows out round the
full perimeter. The pond water is treated and recycled.
This makes an aggressive environment for corrosion
of steel.

Figure 7. Maquette.

The client’s specification included a requirement
for a 5-yearminimumdesign lifewithoutmaintenance.
An expert on corrosion protection (Mark Dromgool of
KTA-Tator Australia) was consulted on surface pro-
tection. He recommended a high-build epoxy paint
system on Blast Class 2.5, with 375 microns DFT
and coloured polyurethane top coat on the Planks, and
450 microns DFT and black epoxy on the four Legs
(immersed steelwork) and the splash zone.
As part of the corrosion protection requirements,

all RHS ends were capped and seal-welded, and sharp
edges ground to a radius. Because the sculpture was
too large to transport as a whole, it was decided that all
connections would be bolted, with sleeves welded into
the RHS to ensure a totally sealed internal structure.
The sculptor accepted galvanized bolts without

paint as a feature of the construction. (The author wel-
comes an artist prepared to allow the structural form
its own credibility.) All bolts were M16 Grade 8.8.
Blue Tree is an excellent example of construction

design for durabilitywithout the use of exoticmaterials
such as stainless or weathering steel.

5 MODEL CREATION

5.1 Concepts

The sculptor first made a maquette (rough model) at
about 1/10th scale using timber slats for the Planks
and bailing wire for the connections (see Figure 7).
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Figure 8. Vector N = (B −A) X (B′ −A′).

The positions of the ends of all Planks on the model
were measured, along with a list of all the Planks that
each one connected to. A simple numbering scheme
was adopted with the Planks being P01 through to
P75. The connections from Plank to Plank were
4-digit numbers, so that, for example, C2659 was the
connection between Plank 26 and Plank 59.
A third of the Planks had only two connections,

but the four main Legs forming the trunk had up to
twelve attached Planks, and the most difficult Plank
connected to eight other Planks.
A program was written in QuickBasic to take the

model measurements and convert these to input files
for Finite ElementAnalysis for structural analysis and
AutoCAD for graphical presentation.
The first simple three-dimensional AutoCAD

model of the Planks proved extremely useful to show
the sculptor and the client what the structure would
look like before proceeding to detailed design.
Subsequently, further programswerewritten to feed

an adjusted AutoCAD model back into the start of
the process, and to prepare details of the connection
elements.

5.2 Finding the connection points

Having recently read Arianrhod (2003), and Turnbull
(1929), the author appreciated that determining the
best point for each connection was a natural appli-
cation of Vector Mechanics. Reference was made
to the author’s text from undergraduate mathemat-
ics (Christie, 1952) to refresh the memory on Vector
Mechanics.
The direction of the vector of the shortest distance

between two lines in space is the Cross Product of their
vectors. The distance between those two points is the
Dot Product of that vector and a vector between points
on the two lines. The points at the ends of the shortest
distance line are found by solving two simultaneous
equations.
This simple concept formed the basis for rational

development of the structural model.
Further use was made of vector mathematics to

define the “twist” of each Plank, and to set out the
connections (described later).

5.3 Interfacing to AutoCAD

The QuickBasic program prepared an AutoCAD
“Script File” – normal AutoCAD command lines in
a text file – to define each Plank as an extruded rect-
angular shape. Each Plank had its ownAutoCAD layer
and coordinate system. This allowed selective display
of the Planks during development, and allowed the
sculptor to quickly choose the colours.
It proved convenient to modify some of the Plank

positions in the AutoCAD model. To retain model
integrity, the AutoCAD data was fed back to the
QuickBasic program via the “LIST” data extraction
feature.

5.4 Massaging the model

The sculptor and engineer joined forces to produce the
final layout by modifying the original in various ways.
Fudge factors were introduced into the translation rou-
tine to stretch, squeeze, rotate and twist groups of
Plankswhilstmaintaining the original connection rela-
tionships. Some members were added, some removed,
and others pruned until the shape and details met the
artistic intent.
Vector mathematics gave the distance between the

centerlines of the Planks, whichmade it relatively easy
to get a rough idea of how close members were to each
other. It was hoped that some form of simple fuzzy
logic could be used to automatically adjust the Planks
so they did not interfere, but that hope proved fruitless.
In the end, the brute force approach of moving and

rotating the Planks one at a time proved the only prac-
tical means of achieving a structure where every Plank
was straight, and no Planks interfered. The AutoCAD
command “Interfere” was used extensively to check
clearances and adjust Plank positions and Connection
layouts.

5.5 Structural analysis

Finite element analysis was carried out using the
Strand package to determine member loads, support
reactions, and tip deflections. Plank members were
checked to code requirements. Connection members
were checked by hand calculations.
Overall sway of the structure was significant, with a

calculated 150mm sway at the top in the more flexible
direction at 1:500 wind speed.

6 CONNECTION DESIGN

The size of the sculpture meant that all connections
between Planks were bolted. Most were made with a
loose connection piece, so that the Plank member was
simply drilled and sleeved for a single bolt connection
at discrete points along the length. This meant that all
the complexity of the connectionwas containedwithin
the connection piece.Where the design loads exceeded
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Figure 9. Intersection geometry.

Figure 10. Folded Plate Connection (note head of bolt for
connection on far side).

the capacity of a single bolt connection (mainly at con-
nections to the trunk), two bolts were used side by side
across the wide face of the RHS.
Where possible a simple folded plate was adopted

for the connection piece. Vector Mechanics was used
to determine the fold line, which is the intersection of
the planes of the wide faces of the connecting RHS.
In other cases, where the angle between the faces

exceeded 45◦ (or so), the connection piece was made
with a short length of 50× 50× 5EA angle ironmitre-
cut both ends and capped with a flange plate.

Figure 11. Angle and Flange Connection in AutoCAD
model.

Figure 12. Bolt sleeve detail.

The flange plate and folded plate were both from
10mm plate, and extended to the shoulder of the RHS,
so that moments were carried through the joint by dif-
ferential action between the pre-loaded bolt and the
edge of the plate bearing on the shoulder.
The bolts did not need an excessive pre-load – snug-

tight proved sufficient to transfer design moments.
As noted in the discussion of corrosion protection,

all bolt holes in the RHS were sleeved to the detail
shown in Figure 12.
Themitre-cuts on the angles were carefully detailed

to facilitate fabrication. Cuts were made with an angle
grinder. The flange plates were laser-cut, and etched
with the connection piecemark and the end. SoC1620-
16was the flange on the Plank 16 end of the connection
between Planks 16 and 20.
Prior to final detailing the fabricator’s brake press

was calibrated so that the holes in the folded plate
could be laser-cut at the same time as the edges were
profiled.
In all, this careful attention by the designer to the

details of the connections resulted in a solution where
the complexity of the geometry was resolved by a
collection of relatively simple fabrication tasks.

477



Figure 13. Three stages of construction as simulated in AutoCAD – 20 Planks, 45 Planks, Complete.

Figure 14. Trial assembly in the fabricator’s works.

7 FABRICATIONAND CONSTRUCTION

The design allowed fabrication using simple tech-
niques.Therewere no complexwelds – all were simple
fillet welds or seal welds at corners. The simplicity of
the components allowed parts to be turned so that all
welds could be completed down-hand.
The Planks were originally numbered as they were

measured on the model. After the final geometry was
settled, they were renumbered to the order in which

Figure 15. Detail of connections at top of legs.

they were to be installed. The four Legs of the trunk
were installed first.The algorithm for subsequent num-
bers was quite simple – add the Plank with the lowest
altitude that connects to two (or more) Planks already
installed.
Construction was simulated in theAutoCADmodel

by simply switching on the Layers associated with
successive Planks in numerical order.
The components were trial-assembled in the fabri-

cationworkshop as production progressed.There were
a couple of minor errors in fabrication found during
the trial assembly; these were easily fixed.
One aspect of the designwas left to the fabricator. In

a few places the angle-section connector was oriented
such that water could pond between the angle heel and
the flange plate. These places were identified during
trial assembly and drain holes drilled.
After completion of trial assembly, the parts were

disassembled, transported to the paint shop, painted,
and transported to site.
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Erection on site required a small crane and two
elevating work platforms. It took just three days to
complete erection and final-tightening of the bolts.

8 COSTS

Fabrication was completed within the original budget
set down at tender time with only a rough guide to the
scope of works and details of the structure.
Engineering and drafting took longer and more

man-hours than anticipated, but was within the finan-
cial capacity of those involved. As a rough guide, the
true engineering and drafting costs were roughly the
same magnitude as the fabrication cost, with both at
about $A1,000 per member.

9 CONCLUSIONS

Blue Tree is an iconic sculpture, paying homage to
the environment and to the recent history of the Black
Saturday Fires.
From a structural engineering perspective, the

sculpture is a success, achieving the form required by
the sculptor with a modest total cost. There have been
no indications of wind-induced vibration in eighteen
months of service.
The corrosion protection system has worked to

expectations with no signs of deterioration to date.
Blue Tree is a graphic example of how structural form
of a sculpture can be achievedwithout the use of exotic
materials.

ACKNOWLEDGEMENTS

The author designed the structure and sorted out the
geometry. He was ably assisted by:

• Konstantin Dimopoulos – Sculptor.
• George Deutsch – Project Engineer and reviewer of
the structural design.

• John Dickman,AndrewHiggins, andAdel Demetry
– drafters.

• Mark Dromgool – corrosion protection consultant,
• Steve Sweeney – Project Manager for Agfab Engi-
neering, fabricator.

• RACV Country Club – Client.

REFERENCES

Arianrhod, R., 2003, “Einstein’s Heroes. Imagining the world
through the language of mathematics”, St Lucia, Univer-
sity of Queensland Press.

Christie, D.E., 1952, “Intermediate College Mechanics. A
Vectorial Treatment”, NewYork, McGraw-Hill.

Facioni, R.J. & Smith, E.T., 1999, “Analysis, design and con-
structionof theOlympic sculptures,AMPTower, Sydney”,
16th Australasian Conference on Mechanics of Structures
and Materials, Sydney, Balkema, 665-670.

Keays, R.H., 2008, “Structural Failures – Lessons for
designers from one engineer’s experience”, Australasian
Structural Engineering Conference, Engineers Australia,
Melbourne.

Turnbull, H.W., 1929 “The great mathematicians”, London,
Methuen.

479





Tubular Structures XIV – Gardner (Ed.)
© 2012 Taylor & Francis Group, London, ISBN 978-0-415-62137-3

Helicoidal footbridge over the Manzanares River

C. Castañón Jiménez, A. Serrano Corral & J. Martínez Calzón
MC2 Engineering Consultant Office, Madrid, Spain

ABSTRACT: TheArganzuela Footbridge is a helico-conical spatial truss with two bodies spanning 117m and
96m over the Manzanares River and the Arganzuela Park. In addition to the unusual shape and dimensions,
the foundation is very complex and is greatly conditioned by the existence of underground motorway tunnels,
sewers and a parking lot. The manufacture at the steel workshop and the construction process on site had to be
carefully planned and taken into account during the structural design.

1 INTRODUCTION

The Arganzuela Footbridge runs over the Manzanares
River in Madrid (Spain) and a new park area over the
M30 motorway, the innermost ring of the city which
as of 2008 runs underground at this point, leaving a
green area at its previous surface location. The foot-
bridge links both riversides and provides the city of
Madrid access to the newArganzuela Park. The archi-
tectural design of the footbridge was carried out by
Dominique Perrault Architecture, and the structural
design by MC2 Engineering Consultant Office. (Figs.
1 and 2)
The footbridge consists of two single span bodies:

the “South Footbridge”, 150m long with a main span
of 117m over the Manzanares River; and the “North
Footbridge”, 128m long,with amain spanof 96mover
the Arganzuela Park. Both bodies meet at an “artifi-
cial hill”, from which the pedestrians and cyclists may
enter the park (Fig. 3).
The main structure of both bodies may be described

as a conical spatial steel truss, of circular main sec-
tion, with curved diagonals and straight longitudinal
chords, all of them inscribed in a tronco-conical

Figure 1. Lateral view of one of the footbridges.

surface. Two thirds of the pseudo-triangles formed
between diagonals and chords are covered with a non-
structural set of steel ribs and a permeable skin made
of a metallic mesh.

2 STRUCTURE DESCRIPTION

Both footbridges (North and South) follow the same
structural concept, with a main bearing structure
formed by the spatial helicoidal truss formed by lon-
gitudinal chords and diagonals, which holds the deck
with two lanes, pedestrian and cyclist.
The two footbridges each have two end cantilever

spans, between 12 m and 16 m long. These ends come
out onto a road at the North end, and onto the sports
facilities of the park at the South end, on top of an
underground parking lot. The inner ends meet at an
artificial hill which provides access to the park (Fig. 4).
The secondary structure that forms the deck runs

inside the cone, bearing on the main structure, and

Figure 2. Inside view: Pedestrian and cyclist lanes.
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Figure 3. General plan view.

Figure 4. General cross section of the footbridge, showing the river and the complex underground distribution (underground
highways, sewers and a parking lot), which greatly conditioned the design.

extends on its ends onto the road and sports facilities
area with a length up to 29 m.This length requires that
the secondary structure of the deck is supported on
additional inclined struts, with their own, independent,
foundation.
The main bearing structure of the footbridges con-

sists of a spatial truss of circular section, of which the
diagonals are curved tubes along a cone. The diag-
onals run along four helixes which may be grouped
into two families of contrary direction.This configura-
tion determines the structure of the footbridges which,
although it has an adequate overall depth in relation to
the span and being a truss a favorable typology for a
longitudinal structure, it loses part of this favorable
disposition due to the curving of the diagonals, which
introduce undesired bending stresses in the diagonals.
These stresses, which the diagonals in a conventional
truss with straight elements don’t have, cause shorten-
ings and elongations several times higher than those
expected in a straight truss, which gives rise to signif-
icant shear-deformations of considerable importance
at the diagonals close to the piers.
The diagonal section thus required has been set as

a square section 450mm× 450mm, the same for all
the elements of the main structure: diagonals and lon-
gitudinal chords. The thickness of the tubes is small
to moderate (between 8mm and 25mm) although in
the central upper chords and in the diagonals close to
the piers this thickness is greater, up to 40mm.All the
steel employed is type S355 J2 G3.
The main superstructure of each footbridge bears

onto two pairs of inclined piers, one at each end, which
more or less follow the direction of themain diagonals,

with a spatial orientation that determines very high
bending stresses, which the piers must transmit down
to the foundation.
The foundation is piled, and, as it will be later

explained, it is highly conditioned by the existence
of the underground motorways and sewers. Each pair
of piers share a common pile cap, and three out of
the four pile caps are right on top or right next to the
underground motorways or sewers.
The circulation area of the footbridges consists of

a substructure which bears directly onto the main
superstructure, and has a geometrically flexible con-
figuration that allows housing the pedestrian and
bicycle lanes, of variable and independent slopes.
The deck is composed of 145mm× 50mm ipe

wood planks, set transversally along the footbridges.
These planks are screwed against longitudinal steel
joists, set every 2m. The joists are pin-fixed onto
transversal beams, which bear upon two longitudi-
nal 180mm× 180mm square tubes. These tubes bear
onto inclined “V” struts which rise from the bottom
diagonals of the main structure.

2.1 Main structure

The main bearing structure of the footbridges consists
of a steel tubular truss enclosed in a tronco-conical
surface. Thus, the transversal cross-sections are cir-
cles of linearly-variable diameter, from 6m diameter
in the smaller ends, up to 12m in diameter at the
greater ends. On four points of each cross-section, set
90◦ apart, four longitudinal tubes are set, which form
the longitudinal chords of the spatial truss, and have a
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square cross-section of 450mm side. These tubes are
oriented so that two of the sides of the square section
are enclosed in a longitudinal cone, and the other two
sides are set orthogonally to these. This way, the real
cross-section is a pseudo-square, with the outer and
inner faces curved.
The diagonal bars are curved elements which are

also contained in the tronco-conical surface, each
diagonal belonging to one of the four helixes that
run through the footbridges. The four longitudinal
chords connect together the intersection points of these
helixes, which cross each other two by two. This way,
six bars meet at each node of the truss (a longitudinal
chord, and two helixes), and these nodes have been
carefully studied in order to guarantee an adequate
structural behavior and constructability.
The configuration so described determines two

pseudo Warren trusses with out-of-the-plane curved
diagonals, connected together through two other sets
of pseudo Warren out-of-the-plane diagonals on the
top and bottom.
The diagonals are also pseudo-square sections, and

aswith the chords, the outer and inner faces are curved,
contained in two conical surfaces, while the other
two faces are set perpendicular. As the diagonals run
through a helix, the section constantly turns around its
axis.
The influence of the joints being fully fixed, fully

pinned, or in-between, has been very carefully consid-
ered, in order to simplify the welding operations both
at the steel workshop and on-site, while at the same
time keeping an adequate structural behavior. A fully
fixed joint reduces considerably the deformation and
is very favorable against the bending stresses that the
curved shape of the diagonals induce. From a thor-
ough FEM analysis, it’s been determined that a fully
fixed joint isn’t necessary, and that keeping the conti-
nuity of just the outer and inner (curved) sides of the
diagonals by fully welding them at the connection is
sufficient to guarantee an adequate behavior, while the
perpendicular sides are simply welded.
The connections of the longitudinal chords are fully

welded in order to guarantee an adequate transfer of the
axial stresses the chords are subject to. These chords
are also subject to bending stresses due to wind and
secondary effects at the partially fixed joints of the
diagonals. Nonetheless, the thickness of the chords is
moderate, ranging from 8 mm to a maximum of 35
mm. At the joints with the piers, where the bending
stresses would be very high, the bottom chords have
a mechanical hinge, which allows the chord to rotate,
but adequately transfers the shear and axial stresses
(see section 3.2).

2.2 Piers

The piers are inclined steel elements (see Figs. 5 and
6), set in vertical planes oriented in continuation of the
main diagonals, two at each end of the footbridges.The
geometry set by the architectural design implies great
bending stresses, due to the “double inclination” of

Figure 5. Pier 3D sketch. Notice the transfer element
between the smaller section and the complete pier section.

the piers. In order to reduce theses bending stresses, a
staged construction was devised, making the base of
the piers pinned during construction, and, after the un-
propping of the finished structure, fully fixed thereon.
Thus, under service loads the base of the piers are fully
fixed (see section 3.3).
The upper end of the piers are fully continuously

welded against the main diagonal that transfers the
vertical load from the main structure. The rest of the
bars that meet at the joint (chords and diagonals)
have pinned connections in order to remove secondary
bending moments.
Regardless of the continuity between the pier and

the main diagonal, there is a narrowing of the cross-
section of the pier for architectural reasons. This neck
has the same cross-section dimensions than the main
diagonal (450mm× 450mm) and it enters the pier,
into which it transfers all the loads to the whole greater
section of the pier (Fig. 5).The space between the outer
dimension of the pier and the diagonals, of just 10 cm,
allows the metallic mesh skin to continue through the
pier.
The use of a pinned joint at the base of the piers

in the first phase, and rigidly fixed connection on the
second, service phase, permits not using any sort of
movable bearing, and simplifies the expansion joints
at the artificial hill and outer ends.

2.3 Foundation

The foundation design was very much influenced by
the presence of the motorway and the sewers. These
underground tunnels beneath three of the four pile
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Figure 6. Piers. View from beneath.

caps makes it impossible to place piles directly under
the axis of the piers, so auxiliary elements to bridge
these obstacles, or eccentric foundations, are neces-
sary. Nonetheless, in order not to increase the cost of
these complex foundations, the foundation makes use
of the tunnels retaining walls.
The vertical loads carried to the foundations are

of moderate value, but the presence of inclined piers
fixed against the pile cap under service loads induces
important horizontal forces into the foundation, which
must in some cases be resisted exclusively by the piles.
Being the upper eight meters of soil very low-resisting
fills, this conditions greatly the number and size of the
piles.
The main features of the foundations are:

– The geometric disposition of some of the piles
makes them to be in tension in some cases

– The pile caps are sized and reinforced to transmit to
the piles not only the vertical loads but also bend-
ing stress due to the fixation of the pier’s base,
transforming them into pairs of axial loads into the
piles

– There are pinned connections between the pile caps
and the retaining walls of the underground tunnels,
in order to reduce any possible secondary bending
stress into these walls

The retaining walls of the underground tunnels are
able to withstand the horizontal and vertical loads
induced by the footbridge’s foundation.

2.4 Deck

The deck is formed by an independent conventional
steel substructure with built-up open sections and lam-
inated hollow sections, all in S275 steel. The work of
this substructure is disengaged from the main struc-
ture, in order to simplify the construction, and to
formally separate both systems, as the architectural
project required (see Figs. 7 and 8).
This substructure is formed by four levels of struc-

tural elements, from top to bottom:

– Ipe wood planks that form the transitable platform
both for pedestrian use and bicycles

Figure 7. Deck substructure: “V” inclined struts, longitudi-
nal tubes and transversal beams.

Figure 8. Deck substructure under construction. Notice the
two lanes–pedestian, bicycle- with different slopes.

– Longitudinal joists on which the wood planks rest
– Transversal beams, in some cases stepped, as the
pedestrian and bicycle lanes have different variable
slopes, on which the longitudinal joists rest

– Longitudinal continuous hollow section chords on
which the transversal beams sit

– Inclined “V” struts, contained in vertical planes,
which support the longitudinal chords to the curved
diagonals of the main structure.

The longitudinal joists are built-up “T” sections
with a variable span of around 4m, simply supported
on the transversal beams.The simple connection to the
transversal beams is carried out through the top flange,
which rests on the top flange of transversal beams, thus
reducing the depth. The inter-axis between joists is set
around 2m,which is themaximum length the ipewood
planks can withstand.
The transversal beams are built-up “H” beams,

of variable length and depth, with a central span
and two lateral cantilevers. They are set every 4 m,
and are sometimes “stepped” in order to accommo-
date both the pedestrian and bicycle lanes, which
have independent and variable slopes all through the
footbridges.
The inclined struts are formed by 140mm square

hollow sections, fixed joined against the bottom
curved diagonals of the main structure, not needing
any transversal bracing.
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Figure 9. Elevations and cross-sections of nodes (“stars”).
Left: Semi-pinned node; right: Fully continuous node.

2.5 Artificial hill

Both footbridges meet at an artificial hill, where an
elevated platform serves as landing between both
footbridges and provides an access to the park. The
structure of this artificial hill, which also lies right
on top of one of the underground motorway tunnels,
is a conventional composite steel deck structure, on
steel beams and columns, adequately braced, which
rise from three concrete lintels of great depth, that
span the width of the tunnel and bear upon the retain-
ing walls, thus not introducing any vertical load into
the roof of the tunnel, which it would not be able to
withstand.
Both the inside and surroundings of the artificial

hill, as well as other artificial hills all through the
park, are covered in polysterene blocks, which makes
a lighter fill over the limited capacity of the tunnels’
roofs.

3 SPECIAL CONSTRUCTION
CONSIDERATIONS

The complex geometry of the footbridges greatly
conditioned both their structural behaviour and its con-
structability, which required to take several special
measures in its design.

3.1 Nodes (“stars”)

There are 139 nodes in both footbridges (74 in the
South footbridge and 65 in the North one), all of them
different. Special attention was paid to these elements,
in order to simplify their manufacture. For one thing,
six bars meet at these nodes (two longitudinal chords
and four diagonals); for another, the inner and outer
faces of the chords, diagonals and the nodes them-
selves are curved, contained in two parallel conical
surfaces); and for another, the overall cross section
of the cone changes linearly, as the circular section
widens as we move along the axis.
Thus, the nodes were devised as individual pieces

with the ends of the six bars extendedwaiting to receive
the welded connection against the chords and diag-
onals. Due to their shape, these pieces were named
“stars” (see Figs. 9 and 10).

Figure 10. “Star” under construction on site, with two
diagonals and one chord waiting to be connected.

There are two types of stars: “semi-pinned” and
“fully continuous”. In the “semi-pinned” one (Fig. 9,
left), themost common throughout the footbridges, the
stresses that are carried by the diagonals are transfered
through the nodes mainly by the outer and inner faces
which are fullywelded against the star; the lateral faces
of the diagonals are simply welded. The “fully contin-
uous” stars exist in the most solicited nodes, close to
the piers (Fig. 9, right), where the outer and inner faces
aren’t enough to transmit all the stresses through the
node, and thus require the full connection of the lateral
faces as well.

3.2 Longitudinal chords’ joints

In order to reduce the nonetheless huge stresses that
enter the piers through the strangled neck connec-
tion, the longitudinal chords at these nodes are pinned
at both sides (one hinge to the inside span, and one
hinge to the cantilever span). These hinges, of very
complex geometry due to the crooked inclination of
the piers in relation to the main diagonals, are fitted
inside the small dimensions of the longitudinal chord
450mm× 450mm cross-section.

3.3 Piers’ bases pinned-fixed joints

As it has been previously explained, the footbridges
are built in two phases; in the first phase, the base of
the piers are pinned and allow the rotation of the piers
when the structure is un-propped, under the self weight
and dead loads. Once this rotation has taken place, the
bases are fixed in the second phase, in order to act as
a rigid connection against further service loads.
This pinned-fixed connection required a special ele-

ment to make it possible (Figs. 11 and 12).A reception
chamber for each pier was encased in the pile caps,
which had a spherical steel hinge at the bottom, and
connecting bars protruding from the perimeter of the
base, adequately anchored to the pile cap. The con-
nection element was then inserted through these bars
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Figure 11. Cross-section and plan view of the pinned-fixed
connection element at the base of the piers.

Figure 12. General view of a pile cap concreted, with
the reception chambers with connecting bars, and the
pinned-fixed connection elements waiting to be inserted,
on top.

into the chamber; the drills in the connection ele-
mentwere sufficiently loose to allow slightmovements
of the connection element. The connection element
thus placed on top of the spherical hinge and encased
against the chamber through cylindrical contact plates
allowed any small rotation to take place.
The piers were then welded against the connection

elements, and once the rotation of the ensemble took
place during the un-propping, the fixation was car-
ried out. This fixation was done by welding all the
perimeter bars to the connection element and filling
the reception chamber and connection element with a
high strength and low shrinkage mortar. This filling
was done through four plastic tubes inserted into the
piers, which from the bottom of the chamber to the top
filled all the compartments, driving out the bubbles of
air and adequately filling all the gaps through the mul-
tiple orifices practiced previously on the connection
element.

Through this welding of the bars and filling with
high-strength mortar a fully fixed connection of the
base of the pier was guaranteed under service loads.

3.4 Analysis and modeling

The analysis and design of the structure of the foot-
bridges was carried out through the Finite Element
Method. A global bar model was analysed for each
footbridge, together with local models to study spe-
cific details or substructures.
Special care was taken in the modelization of the

bars and the orientation of their axis, especially in
the diagonals. As these diagonals twist through the
helixes they are contained in, the section constantly
rotates and changes its orientation. This had to be
taken into account, to accurately establish the bound-
ary conditions and correctly assess the stresses in the
cross-sections.
A staged analysis was carried out, considering the

first phase (un-propping the structure with the piers
pinned at the base) and second phase (under service
loads, piers fixed at the base).An optimization process
was carried out, considering the two stages and several
load combinations, taking into account the ultimate
and service limit states, together with a modal and
dynamic analysis to limit both vertical and horizontal
vibrations.
The analysis was also geometrically non-linear

as the deformed (curved) geometry of the elements
conditioned the stresses.
An automatic post-processing of the results allowed

to check the resistance and deformability limits of
all the elements of the footbridges, determining the
optimal sizes and thicknesses of all the bars.

4 CONSTRUCTION PROCESS

As in the analysis and design stages, the construction
process was complex, and had to be carefully thought
and taken into account in the structural design itself.
Prior to the construction competition, a small proto-

type of a diagonal and star ensemble was carried out in
aworkshop to test the viability of the devised construc-
tion procedure, validating it and learning important
points of the process.

4.1 Modeling and workshop drawings

The first andmost critical part of the processwas deter-
mining the exact geometry of each of the pieces to be
manufactured. The workshop office team started from
the geometrical CAD model generated and employed
by the architectural and structural teams, and manipu-
lated it in order to determine the precise geometry of
each of the elements to be cut, curved and welded at
the workshop and on-site.
Thus, the curved –conical- surfaces were digi-

tally flattened and/or adapted to precisely define in
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Figure 13. Oxycutting of the flattened geometry.

Figure 14. Assembly and welding of a diagonal

the workshop drawings the exact geometry to be
manufactured.

4.2 Steel workshop

From there on, several steps were carried out at the
workshop, starting with the cutting of the elements,
curving, assembling, welding, etc.

4.2.1 Cutting and curving
By numerically controlled cutting machinery all the
plates that would later conform the diagonals, chords
and stars were flame cut, following the geometry
defined in the workshop drawings (Fig. 13).
The plates were then curved, either by curving

machines or by discretely bending plates into smooth
almost-curved geometry, undistinguishable by plain
sight. The plates to be curved were the outer and inner
faces belonging to the conical surfaces, corresponding
to longitudinal chords, diagonals and stars (Fig. 14).

4.2.2 Longitudinal chords
Being straight – althoughwith the inner and outer faces
curved- the manufacture of the longitudinal chords
was the simplest and most straightforward. The curv-
ing of each of the outer and inner faces was carried

Figure 15. Cut and curved outer and inner faces of the stars.

Figure 16. Star welded against a longitudinal chord.

out through 15 small bends, very close together; these
two faces were then welded to the perpendicular faces,
forming the pseudo-square section chord.

4.2.3 Nodes (“stars”)
Following the geometry defined in theworkshop draw-
ings, the outer and inner faces were cut and then
curved. Although the theoretical curvature would be
variable along the star, the approximation to a con-
stant curvature – cylindrical instead of conical- meant
a slight deviation of up to 1mm, perfectly acceptable
and indistinguishable from the theoretical geometry.
Each star was then assembled and the inner plates were
welded in a precise sequence that allowed a correct
welding of all the different plates that form each star
(Figs 9, 10, 15 and 16).

4.2.4 Diagonals
The outer and inner plates were cut following the
flattened geometry of the workshop drawings, and
then variably curved to fit the twisting geometry of
the helix. They were then assembled and welded on
auxiliary substructures that delimited the geometry
(Fig. 14 and 17).
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Figure 17. A diagonal finished with its ends prepared to be
welded against two stars.

Figure 18. Pre-assembling of diagonals, chords and stars at
the workshop.

4.2.5 Workshop pre-assembly
Once the corresponding longitudinal chords, diag-
onals and stars were manufactured, they were pre-
assembled at the workshop prior to sending them to
site. This pre-assembly took place on auxiliary desks
which allowed controlling precisely the position of
each element. Special care was taken in positioning
the stars at their pre-cambered location, so that, once
un-propped, the structure’s geometry would be the the-
oretical one (Fig. 18) Slight smoothing of the ends of
the diagonals was carried out to adapt to this geomet-
rical configuration, and once every piece was fit into
place it was all disassembled and taken to site, to be
re-assembled and welded definitely there.

4.2.6 Piers and connection elements
Figs. 19 and 20 show one pier and one connect-
ing element (pier’s base) under construction at the
workshop.

4.3 On-site construction

Once the different elements had been manufactured at
the steel workshop, they were transported by truck to
the site. But before assembling any part of the steel

Figure 19. Pier under construction at workshop.

Figure 20. Connecting element at the base of piers under
construction.

structure, all the foundations were carried out, bor-
ing the piles and executing the pile caps, which, as
described in section 2.3, had sometimes to overcome
the underground tunnel roofs to be connected to the
retaining walls.
The temporary props on which the main struc-

ture would be assembled were micro-piled, as the
soil on which they sat, with 8 m of artificial fills,
wasn’t sufficient towithstand the loads (Fig. 21).Then,
the longitudinal chords with stars attached to their
ends were placed on top of the temporary props, and
the diagonals were placed and welded against them
(Fig. 22).
Once the main structure was in place and welded,

the secondary structure of the deck (inclined “V”
struts, longitudinal chords, transversal beams and
joists) was carried out. With the deck finished, and
with the auxiliary elements of the steel ribs and metal-
lic mesh skin in place, the un-propping of the structure
took place. Once the structures were unpropped, the
final step was to fix the connecting element at the
base of the piers.
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Figure 21. Propped footbridge over the river.

Figure 22. Welding of a diagonal to a star.

Figure 23. General view from the artificial hill.

Figure 24. General view of the footbridges and the
Arganzuela park.

5 CONCLUSIONS

The design, analysis and construction of these foot-
bridges with such a complex, although regular, geom-
etry has required a thorough planning and overall
conception. The variable curvature of the square sec-
tions forming the bars of the spatial tronco-conical
helixes had to be carefully considered in the design,
and special details and building procedures had to
be thought and taken into account in the analysis. A
precise workshop drawing preparation and steel man-
ufacture was necessary to carry out the structure with
excellent results
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ABSTRACT: This paper presents finite element analysis of concrete-filled aluminumCircular Hollow Section
(CHS) columns.A finite element model has been developed and verified against test results. A parametric study
was carried out to study the effects of cross-section sizes on the concrete-filled aluminum CHS columns. The
outer diameter-to-thickness ratio of the sections ranged from 10 to 160, and the infilled concrete cylinder strength
was 40MPa. The test and numerical results of the concrete-filled aluminum CHS columns were compared with
the design strengths to evaluate the reliability of the design rules in the American and Australian/New Zealand
specifications for aluminum and concrete structures. Furthermore, the composite column design equations have
been proposed. The proposed design equations consider the benefits of composite action between the aluminum
CHS tube and the concrete infill. It is shown that the proposed design equations accurately predicted the strengths
of the concrete-filled aluminum CHS columns.

1 INTRODUCTION

Infilled concrete is one of the ways to increase the
stiffness and the load carrying capacity of aluminum
tubular columns. Concrete-filled aluminum tubular
columns can effectively take advantages of these two
materials to provide both high strength and high stiff-
ness. These findings have been reported by Zhou and
Young (2008) for concrete-filled aluminum square
and rectangular hollow section (SHS and RHS) stub
columns and Zhou and Young (2009) for concrete-
filled aluminum circular hollow section (CHS) stub
columns. Zhou andYoung (2008) reported an experi-
mental investigation of concrete-filled aluminum SHS
and RHS composite columns. It was shown that the
stiffness and the load carrying capacity of the com-
posite columns improve compared with the aluminum
SHS andRHS tubular columnswithout concrete infill.
Local buckling of the aluminum SHS and RHS tubes
was found for specimens with slender sections. Gen-
erally, the composite columns failed by the aluminum
tubes splitting near the corner of the SHS and RHS
sections. Zhou and Young (2009) reported a series
of tests on concrete-filled aluminum CHS compos-
ite columns. It was also shown that the stiffness and
the load carrying capacity of the composite columns
improve compared with the aluminum CHS tubular
columns without concrete infill. The failure modes of
the aluminum tubes splitting were not observed for
CHS composite columns.
In addition to experimental investigation, numerical

investigation can also provide a good understanding

of the structural behavior of concrete-filled aluminum
CHS columns. The CHS tube could provide con-
finement to the concrete infill for concrete-filled
aluminum CHS columns. When concrete is subjected
to lateral confining pressure, the uniaxial compres-
sive strength and the corresponding strain are much
higher than those of unconfined concrete. On the
other hand, the CHS tube is stiffened by the con-
crete infill, which can prevent the inward buckling
of the tube, hence increase the strength of the col-
umn. Therefore, the interface between the aluminum
CHS tube and the concrete infill in the compos-
ite column have to be considered in the numeri-
cal modeling. Numerical investigation of concrete-
filled steel tubular columns has been reported by Hu
et al. (2003), Ellobody and Young (2006), Ellobody
et al. (2006) and many other researchers. This paper
presents the numerical simulation of concrete-filled
aluminum CHS columns using finite element pro-
gramABAQUS (2007).The composite action between
the aluminum tube and concrete infill has been care-
fully considered in the finite element model (FEM).
The results obtained from the finite element analysis
(FEA) were verified against the test results reported
by Zhou and Young (2009). A parametric study was
performed to investigate the effects of cross-section
sizes on the strengths of concrete-filled aluminum
CHS columns. The reliability of the design rules in
theAmerican specifications (AA 2005,ACI 2008) and
Australian/NewZealand standards (AS/NZS 1997,AS
2001) for aluminum and concrete structures was eval-
uated using reliability analysis by comparing with the
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concrete-filled aluminum CHS column strengths pre-
dicted from the FEA (PFEA) and column strengths
obtained from the tests (PExp) reported by Zhou
andYoung (2009). Furthermore, design equations for
concrete-filled aluminum CHS columns were pro-
posed based on the results obtained from the numerical
investigation in this study and the test results reported
by Zhou andYoung (2009).The proposed design equa-
tions considered the composite action between the
aluminum CHS tube and the concrete infill.

2 FINITE ELEMENT MODEL

The non-linear finite element analysis program
ABAQUS (2007) was used to simulate the structural
behaviour of concrete-filled aluminum CHS columns.
The aluminum CHS tube, concrete infill and the inter-
face between the aluminum tube and the concrete infill
have been carefully modeled.
The numerical analysis was performed over a range

of diameter-to-thickness (D/t) ratio for the aluminum
tubular sections that included from compact sections
to slender sections. Types of elements for compos-
ite columns were chosen from element library in
the ABAQUS. The element of C3D8 is a three-
dimensional eight-node solid element, which is suit-
able for compact sections. The element of S4R is a
four-node doubly curved thin or thick shell element
with reduced integration, which is suitable for slender
sections having complex buckling behaviour. In this
study, the aluminum tubes were stiffened by the con-
crete infill, which prevented the inward buckling of the
tubes. Hence, fine mesh of C3D8 element was used to
model both of the concrete infill and the aluminum
tubes for the composite columns. The finite element
mesh used in the model was investigated by varying
the size of the elements in order to provide both accu-
rate results and less computational time. It is found that
a mesh size of 1(length): 1(width): 1(depth), for most
of the elements, achieved accurate results. The typical
finite element mesh of the concrete-filled aluminum
CHS columns is shown in Figure 1. The aluminum
CHS stub columns without concrete infill were also
simulated for reference purposes, where the element
of S4R was used to model the aluminum tubes.
Following the test procedure conducted by Zhou

and Young (2009), the top and bottom surfaces of
the concrete-filled aluminum CHS columns were
restrained against all degrees of freedom except for
the displacement at the loaded end, which is the top
surface, in the direction of the applied load. The load-
ing method used in the finite element model (FEM)
was identical to that used in the tests. The displace-
ment control method was used for the analysis of
the concrete-filled aluminum CHS columns. Verti-
cal compressive uniform loads were applied to the
specimen by specifying a displacement to each node
of the loaded end in the top surface. Generally, a
displacement of 20 mm was specified.

Figure 1. Comparison of experimental and finite element
analysis failure modes.

Themeasured stress-strain curves reported by Zhou
and Young (2009) for the aluminum CHS tubes were
used in the analysis. The Misses yield criterion with
associated plastic flow is used in the multiaxial stress
state.The aluminum alloy is assumed to have isotropic
hardening behaviour.Thematerial behaviour provided
by ABAQUS (using the *PLASTIC option) allows a
multi-linear stress–strain curve to be used. The first
part of the multi-linear curve represents the elastic
part up to the proportional limit stress with measured
Young’s modulus and Poisson’s ratio equal to 0.33.
Since the analysis involves large in-elastic strains, the
nominal (engineering) static stress-strain curve was
converted to a true stress and logarithmic plastic strain
curve. The true stress (σt rue) and plastic true strain
(ε

pl
true ) are specified in ABAQUS (2007).
The aluminum CHS tube could provide confine-

ment to the concrete infill for the concrete-filled
aluminum CHS columns. When concrete is subjected
to laterally confining pressure, the uniaxial compres-
sive strength and the corresponding strain are much
higher than those of unconfined concrete. The con-
finement model for concrete infill used by Ellobody
et al. (2006) was adopted in this study. The concrete in
the composite columns is usually subjected to triaxial
compressive stress, and the failure of concrete is dom-
inated by the compressive failure surface expanding
with increasing hydrostatic pressure. Hence, a linear
Drucker-Prager yield criterionwas usedwith associate
flow and isotropic hardening rule. The material angle
of friction (βcc) and the ratio of flow stress in triaxial
tension to that in compression (K) were taken as 20◦
and 0.8, respectively, as recommended byWu (2000).
The interfaces between the aluminum tube and the

concrete infill were modeled using the contact pair.
The “surface-to-surface contact” option was used.The
concrete infill was defined as the master element,
while the aluminum tube was defined as the slave ele-
ment of the interface elements in the FEM. Along the
normal direction to the interface; the “hard contact”
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relation was used. The contact pair allows the sur-
faces to separate under the influence of a tensile force.
However, the two contact surfaces are not allowed to
penetrate each other. Along the tangential direction to
the interface, “Penalty” option was used and a fric-
tion coefficient of 0.25 was also used in the analysis.
The finite element model is detailed in Zhou &Young
(2012).

3 VERIFICATION OF FINITE ELEMENT
MODEL

3.1 Summary of experimental investigation

An experimental investigation of concrete-filled alu-
minum circular hollow section (CHS) columns per-
formed by Zhou andYoung (2009) was used to verify
the developed finite element model (FEM) in this
study. Ten series of CHS tubes (CHS1 – CHS10)
fabricated by extrusion using 6061-T6 heat-treated
aluminum alloy (high strength material) with con-
crete infill were tested. The nominal section sizes
(D× t) of the series CHS1, CHS2, CHS3, CHS4,
CHS5, CHS6, CHS7, CHS8, CHS9 and CHS10 are
38× 4, 50× 3, 60× 2.5, 76× 2, 100× 2, 120× 2.5,
150× 2.5, 150× 5, 160× 4 and 180× 3.5 mm,
respectively, where D is the diameter and t is the
thickness of the sections. The measured diameter-to-
thickness (D/t) ratio of the CHS tubes ranged from 9.7
to 59.7.The column lengths (L) were chosen so that the
length-to-diameter ratio (L/D) for the concrete-filled
aluminum CHS stub columns generally remained at
a constant value of 3 to prevent overall column buck-
ling.The column specimenswere tested using nominal
concrete cylinder strengths of 40, 70 and 100 MPa.
The aluminum CHS stub columns without concrete
infill were also tested for reference purposes. Table 1
summarizes the measured dimensions and material
properties of the tested specimens. The details of the
experimental investigation are reported in Zhou and
Young (2009).

3.2 Comparison of finite element analysis results
with experimental results

In the verification of the developed FEM, a total of
forty concrete-filled aluminum CHS columns tested
by Zhou andYoung (2009) were analyzed. A compar-
ison between the experimental results and the finite
element results was carried out. The main objective
of this comparison is to verify and check the accu-
racy of the finite element model. The comparison
of the test results (PExp) with the column strengths
(PFEA) predicted from the FEA are shown in Table 2.
It is shown that the finite element results agreed well
with the test results. A maximum difference of 10%
was observed between the experimental and numeri-
cal results for specimen CHS6-C40. The mean value
of the PExp/PFEA ratio is 0.99 with the corresponding
coefficient of variation (COV) of 0.058, as shown in
Table 2.The failure mode of concrete-filled aluminum

Table 1. Summary of test program (Zhou &Young 2009).

D t D/t fy fc
Specimen mm mm MPa MPa

CHS1-C0 38.0 3.91 9.7 242.4 0
CHS1-C40 38.0 3.89 9.8 242.4 44.8
CHS1-C70 38.0 3.90 9.7 242.4 70.2
CHS1-C100 38.0 3.92 9.7 242.4 106.0
CHS2-C0 50.0 3.13 16.0 238.4 0
CHS2-C40 50.0 3.13 16.0 238.4 44.8
CHS2-C70 50.0 3.12 16.0 238.4 70.2
CHS2-C100 50.0 3.13 16.0 238.4 106.0
CHS3-C0 60.0 2.52 23.8 237.8 0
CHS3-C40 60.0 2.55 23.5 237.8 44.8
CHS3-C70 60.0 2.54 23.6 237.8 70.2
CHS3-C100 59.9 2.53 23.7 237.8 106.0
CHS4-C0 76.1 2.05 37.1 237.0 0
CHS4-C40 76.1 2.06 36.9 237.0 44.8
CHS4-C70 76.0 2.06 36.9 237.0 70.2
CHS4-C100 76.0 2.05 37.1 237.0 106.0
CHS5-C0 99.9 2.02 49.5 244.3 0
CHS5-C40 99.7 2.02 49.4 244.3 44.8
CHS5-C70 99.8 2.06 48.4 244.3 70.2
CHS5-C100 100.0 2.05 48.8 244.3 106.0
CHS6-C0 119.7 2.55 46.9 253.1 0
CHS6-C40 119.8 2.49 48.1 253.1 44.8
CHS6-C70 120.0 2.55 47.1 253.1 70.2
CHS6-C100 119.9 2.48 48.3 253.1 106.0
CHS7-C0 149.8 2.51 59.7 267.9 0
CHS7-C40 150.1 2.53 59.3 267.9 44.8
CHS7-C70 150.1 2.54 59.1 267.9 70.2
CHS7-C100 149.9 2.53 59.2 267.9 106.0
CHS8-C0 150.2 4.99 30.1 216.9 0
CHS8-C40 150.2 5.03 29.9 216.9 44.8
CHS8-C70 150.2 5.04 29.8 216.9 70.2
CHS8-C100 150.2 5.03 29.9 216.9 106.0
CHS9-C0 160.2 4.01 40.0 254.2 0
CHS9-C40 160.1 4.03 39.7 254.2 44.8
CHS9-C70 160.5 4.07 39.4 254.2 70.2
CHS9-C100 160.5 4.06 39.5 254.2 106.0
CHS10-C0 180.2 3.75 48.1 264.9 0
CHS10-C40 180.0 3.71 48.5 264.9 44.8
CHS10-C70 180.4 3.69 48.9 264.9 70.2
CHS10-C100 180.5 3.75 48.1 264.9 106.0

CHS column was also verified against the finite ele-
ment model, as shown in Figure 1. It is shown that
both the ultimate loads and the failure modes reflect
good agreement between the experimental and finite
element results.

4 PARAMETRIC STUDY

It is shown that the developed finite element model
(FEM) closely predicted the failure loads of the
concrete-filled aluminum circular hollow section
(CHS) columns. Hence, parametric study was carried
out to study the effects of cross-section sizes on the
concrete-filled aluminum CHS column strengths. A
total of 96 specimens with 4 Series were analyzed in
the parametric study.The parametric studywas carried
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Table 2. Verification of finite element model.

Exp. FEA
D/t PExp PFEA PExp/

Specimen kN kN PFEA

CHS1-C0 9.7 114.5 124.5 0.92
CHS1-C40 9.8 158.9 165.7 0.96
CHS1-C70 9.7 167.2 173.3 0.96
CHS1-C100 9.7 171.5 189.3 0.91
CHS2-C0 16.0 141.2 134.6 1.05
CHS2-C40 16.0 217.0 238.8 0.91
CHS2-C70 16.0 238.9 251.3 0.95
CHS2-C100 16.0 327.5 301.2 1.09
CHS3-C0 23.8 121.3 111.7 1.09
CHS3-C40 23.5 244.1 250.2 0.98
CHS3-C70 23.6 292.4 307.3 0.95
CHS3-C100 23.7 412.6 412.7 1.00
CHS4-C0 37.1 113.4 113.4 1.00
CHS4-C40 36.9 329.9 356.0 0.93
CHS4-C70 36.9 415.7 451.9 0.92
CHS4-C100 37.1 611.4 592.0 1.03
CHS5-C0 49.5 162.7 153.0 1.06
CHS5-C40 49.4 543.6 506.7 1.07
CHS5-C70 48.4 712.0 687.2 1.04
CHS5-C100 48.8 995.8 942.9 1.06
CHS6-C0 46.9 264.5 248.9 1.06
CHS6-C40 48.1 822.8 747.6 1.10
CHS6-C70 47.1 1010.3 1011.4 1.00
CHS6-C100 48.3 1388.7 1366.9 1.02
CHS7-C0 59.7 283.9 310.9 0.91
CHS7-C40 59.3 1111.1 1124.6 0.99
CHS7-C70 59.1 1496.4 1540.0 0.97
CHS7-C100 59.2 2057.8 2120.4 0.97
CHS8-C0 30.1 525.8 535.1 0.98
CHS8-C40 29.9 1481.9 1532.9 0.97
CHS8-C70 29.8 1740.6 1845.0 0.94
CHS8-C100 29.9 2666.1 2491.9 1.07
CHS9-C0 40.0 456.1 502.0 0.91
CHS9-C40 39.7 1494.1 1538.3 0.97
CHS9-C70 39.4 1974.4 1988.4 0.99
CHS9-C100 39.5 2797.3 2627.8 1.06
CHS10-C0 48.1 482.8 531.0 0.91
CHS10-C40 48.5 1690.2 1721.7 0.98
CHS10-C70 48.9 2274.2 2296.7 0.99
CHS10-C100 48.1 3139.2 3119.6 1.01

Mean, Pm 0.99
COV 0.058

out on aluminum CHS tubes of normal strength mate-
rial (T5) and high strengthmaterial (T6) using nominal
concrete strength of 40 MPa. The aluminum tubular
columns without concrete infill were also analyzed for
reference purposes.Hence, the 4 series analyzed in this
studywereT5-C0,T5-C40,T6-C0 andT6-C40.TheT5
and T6 stand for the material type of aluminum CHS
tubes, where T5 stands for normal strength material,
and T6 stands for high strength material. The letter
“C” in the series label defines the concrete strength
followed by the value of the concrete cylinder strength
in MPa. Each series consists of 24 different section
sizes. The overall depth-to-thickness (D/t) ratio of
the sections ranged from 10 to 160. The length-to-
diameter ratio (L/D) for the concrete-filled aluminum

Table 3. Parametric study.

PFEA−T5 PFEA−T6

D t kN kN
Section mm mm D/t C0 C40 C0 C40

D80-1 80 0.5 160 18.7 242.2 21.8 253.0
D80-2 80 0.6 133 23.7 245.3 32.2 259.8
D80-3 80 0.8 100 35.7 261.4 51.3 282.9
D80-4 80 1.0 80 44.9 271.9 64.6 296.3
D80-5 80 1.4 57 63.6 288.7 91.2 325.3
D80-6 80 2.0 40 91.7 334.4 130.2 396.0
D80-7 80 4.0 20 194.0 488.9 263.6 621.6
D80-8 80 8.0 10 382.9 675.0 523.0 888.5
D200-1 200 1.3 154 121.3 1520.6 148.5 1601.1
D200-2 200 1.6 125 158.3 1584.3 224.5 1689.9
D200-3 200 2.0 100 223.4 1635.7 321.5 1774.5
D200-4 200 2.5 80 282.4 1703.0 405.2 1869.6
D200-5 200 3.3 61 373.6 1777.6 535.1 1989.3
D200-6 200 5.0 40 573.9 2086.7 813.5 2473.7
D200-7 200 10.0 20 1209.5 3041.9 1638.0 3323.8
D200-8 200 20.0 10 2385.9 4160.5 3241.4 5460.1
D300-1 300 2.0 150 310.4 3469.3 354.2 3653.8
D300-2 300 2.3 130 357.7 3524.9 478.0 3757.4
D300-3 300 3.0 100 502.2 3693.6 723.4 3964.0
D300-4 300 3.8 79 641.9 3815.4 923.1 4182.9
D300-5 300 5.0 60 853.3 3995.6 1219.5 4483.0
D300-6 300 7.5 40 1289.4 4983.8 1832.8 5857.6
D300-7 300 15.0 20 2672.5 7037.3 3661.0 8857.1
D300-8 300 20.0 15 3613.1 7977.7 4910.0 10299.7

CHS stub columns remained at a constant value of 3
to prevent overall column buckling. The cross-section
dimensions and concrete-filled aluminum CHS col-
umn strengths (PFEA) predicted from the finite element
analysis (FEA) are summarized in Table 3.
The measured material properties of the aluminum

CHS tubes and concrete infill were used in the para-
metric study. The nonlinear stress-strain curve of the
normal strength non-welded aluminum CHS tube (N-
C2-NW) tested by Zhu and Young (2006) having the
yield stress of 185.9MPa was used in the parametric
study for normal strength (T5) aluminum tubes. The
nonlinear stress-strain curve of the high strength alu-
minum CHS tube (series CHS7) tested by Zhou and
Young (2009) having the yield stress of 267.9 MPa
was used in the parametric study for high strength (T6)
aluminum tubes. The measured compressive concrete
cylinder strength of 44.8 reported by Zhou andYoung
(2009) are used in the parametric study for the concrete
infill.

5 RELIABILITYANALYSIS

The reliability of the concrete-filled aluminumcolumn
design rules was evaluated using reliability analysis.
The reliability index (β) is a relative measure of the
safety of the design. A target reliability index of 2.5
for aluminum structural members is recommended as
a lower limit in the AA Specification (2005). The

496



design rules are considered to be reliable if the reli-
ability index is greater than or equal to 2.5. The
load combination of 1.2DL+ 1.6LL as specified in
the American Society of Civil Engineers Standard
(ASCE 2005) was used in the reliability analysis,
where DL is the dead load and LL is the live load. The
statistical parameters are obtained fromAASpecifica-
tion for aluminum column strength, whereMm = 1.10,
Fm = 1.00, VM = 0.06, and VF = 0.05, which are the
mean values and coefficients of variation for mate-
rial properties and fabrication factors. The statistical
parameters Pm and VP are the mean value and coeffi-
cient of variation of load ratio, respectively, as shown
in Tables 4–11. In calculating the reliability index, the
correction factor in the AA Specification was used.
Reliability analysis is detailed in theAA Specification
(2005).

6 COMPARISON OF EXPERIMENTALAND
NUMERICAL RESULTSWITH CURRENT
DESIGN STRENGTHS

The concrete-filled aluminum CHS column strengths
(PFEA) predicted from the finite element analy-
sis (FEA) were compared with the nominal design
strengths (Pn) predicted using the American speci-
fications (AA 2005, ACI 2008) and Australian/New
Zealand standards (AS/NZS 1997, AS 2001) for alu-
minum and concrete structures. The design strengths
(Pn) of concrete-filled aluminum CHS stub columns
were obtained by determining the strength of the alu-
minum tube (AaFL) using the specifications (AA2005,
AS/NZS 1997) for aluminum structures as well as the
strength of concrete infill (0.85Acfc) using the specifi-
cations (ACI 2008, AS 2001) for concrete structures,
as shown in Eq. (1).

where Aa is the full cross-section area of aluminum
tube, FL is the limit state stress calculated using Sec-
tions 3.4.7 through 3.4.10 and Sections 4.7.2 and 4.7.4
of the American (AA) Specification (AA 2005), and
Sections 3.4.8 through 3.4.11 and Sections 4.7.2 and
4.7.4 of the Australian/New Zealand (AS/NZS) Stan-
dard (AS/NZS 1997), Ac is the area of concrete and fc
is the concrete cylinder strength. The design rules in
theAS/NZSStandard (1997) for calculating the design
strengths of aluminum columns are generally identi-
cal to those in theAASpecification (2005), except that
theAS/NZS Standard reduces the yield load of the col-
umn using a coefficient kc which is not included in the
AA Specification. The American Specification (ACI
2008) andAustralian Standard (AS 2001) for concrete
structures generally use the same formula to calculate
the strength of the concrete infill.
The comparison of concrete-filled aluminum CHS

column strengths (PFEA) predicted from FEA with
design strengths (PAA and PAS/NZS ) is shown in Tables
4–7. The composite column test strengths (PExp)

reported by Zhou and Young (2009) were also com-
pared with the design strengths (PAA and PAS/NZS ) to
evaluate the reliability of the current design rules, as
shown in Table 7 for the high strength (T6) aluminum
tubes. For theAmerican specifications (AA 2005,ACI
2008), the mean values of the PFEA/PAA or (PExp and
PFEA)/PAA ratio are 1.12, 1.29, 1.15 and 1.33 with
the corresponding coefficients of variation (COV) of
0.044, 0.090, 0.085 and 0.070, and the reliability index
(β) are 2.97, 3.59, 2.94 and 3.84 for series T5-C0,
T5-C40, T6-C0 and T6-C40, respectively, as shown
in Tables 4–7. For the Australian/New Zealand stan-
dards (AS/NZS 1997, AS 2001), the mean values of
the PFEA/PAA or (PExp and PFEA)/PAA ratio are 1.17,
1.32, 1.19 and 1.37 with the corresponding COV of
0.046, 0.121, 0.052 and 0.097, and the reliability index
(β) are 3.14, 3.48, 3.22 and 3.80 for series T5-C0,
T5-C40, T6-C0 and T6-C40, respectively, as shown in
Tables 4–7. It is shown that theAmerican andAS/NZS
specifications are generally conservative and reliable
for the concrete-filled normal and high strength alu-
minum CHS stub columns having nominal concrete
cylinder strength of 40 MPa with the D/t ratio of the
CHS tubes ranging from 9 to 160.

7 PROPOSED DESIGN EQUATIONS

The aluminum CHS tube provides confinement to the
concrete infill for the composite columns. On the other
hand, the aluminum tube is stiffened by the concrete
infill, which can prevent the inward buckling of the
aluminum tube and increase the stability and strength
of the column as a composite system. These enhance-
ments of concrete-filled aluminum CHS columns due
to the composite action between the constituent ele-
ments are not considered in the current American and
Australian/New Zealand design rules. In this study,
the ultimate strengths (Pp) of the concrete-filled alu-
minum CHS columns are proposed, as shown in Eqs.
(2)–(4).

in which,

where Pp is the proposed column strength of concrete-
filled aluminum CHS; Aa is the full cross-section area
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Table 4. Comparison of numerical results with design
strengths for aluminum CHS columns of series T5–C0.

PFEA PFEA/ PFEA/

Specimen D/t kN PAA PAS/NZS

T5-D80-1-C0 160.0 18.7 1.14 1.14
T5-D80-2-C0 133.3 23.7 1.13 1.13
T5-D80-3-C0 100.0 35.7 1.18 1.18
T5-D80-4-C0 80.0 44.9 1.13 1.13
T5-D80-5-C0 57.1 63.6 1.08 1.11
T5-D80-6-C0 40.0 91.7 1.04 1.13
T5-D80-7-C0 20.0 194.0 1.09 1.22
T5-D80-8-C0 10.0 382.9 1.14 1.27
T5-D200-1-C0 153.8 121.3 1.12 1.12
T5-D200-2-C0 125.0 158.3 1.11 1.11
T5-D200-3-C0 100.0 223.4 1.18 1.18
T5-D200-4-C0 80.0 282.4 1.14 1.14
T5-D200-5-C0 60.6 373.6 1.09 1.10
T5-D200-6-C0 40.0 573.9 1.04 1.13
T5-D200-7-C0 20.0 1209.5 1.09 1.22
T5-D200-8-C0 10.0 2385.9 1.13 1.27
T5-D300-1-C0 150.0 310.4 1.23 1.23
T5-D300-2-C0 130.4 357.7 1.18 1.18
T5-D300-3-C0 100.0 502.2 1.18 1.18
T5-D300-4-C0 78.9 641.9 1.13 1.13
T5-D300-5-C0 60.0 853.3 1.09 1.11
T5-D300-6-C0 40.0 1289.4 1.04 1.13
T5-D300-7-C0 20.0 2672.5 1.07 1.20
T5-D300-8-C0 15.0 3613.1 1.10 1.24

Mean, Pm 1.12 1.17
COV, Vp 0.044 0.046

Reliability index, β 2.97 3.14
Resistance factor, φ 0.95 0.95

of aluminum tube; fy is the aluminum yield stress
(0.2% proof stress); Ac is area of concrete; fc is the
concrete cylinder strength; D is the outer diameter of
CHS tube; and t is the thickness of aluminum CHS
tube. The ultimate strengths of concrete-filled alu-
minum CHS columns are influenced not only by its
constituent material properties such as the compres-
sive cylinder strength of the concrete (fc) and the yield
stress (fy) of the aluminum tube, but also the confin-
ing pressure on the concrete infill which depends on
the overall depth-to-thickness (D/t) ratio of the alu-
minum CHS tube. The limitations of the Eqs (2)–(4)
are 9 ≤D/t≤ 160.

8 COMPARISON OF EXPERIMENTALAND
NUMERICAL RESULTSWITH PROPOSED
DESIGN STRENGTHS

The unfactored design strengths calculated using the
proposed design equations (2)-(4) were compared
with the concrete-filled aluminum column strengths
obtained from the tests (PExp) reported by Zhou
and Young (2009) and the column strengths (PFEA)
predicted by the FEA obtained from this study.
The proposed design strengths were calculated using
the measured cross-section dimensions and measured

Table 5. Comparison of numerical results with design
strengths for aluminum CHS columns of series T5–C40.

PFEA PFEA/ PFEA/ PFEA/
Specimen D/t kN PAA PAS/NZS Pp

T5-D80-1-C40 160.0 242.2 1.19 1.19 0.99
T5-D80-2-C40 133.3 245.3 1.19 1.19 0.97
T5-D80-3-C40 100.0 261.4 1.22 1.22 0.99
T5-D80-4-C40 80.0 271.9 1.23 1.23 0.99
T5-D80-5-C40 57.1 288.7 1.22 1.23 0.99
T5-D80-6-C40 40.0 334.4 1.28 1.32 0.98
T5-D80-7-C40 20.0 488.9 1.47 1.56 1.01
T5-D80-8-C40 10.0 675.0 1.47 1.60 1.10
T5-D200-1-C40 153.8 1520.6 1.19 1.19 0.99
T5-D200-2-C40 125.0 1584.3 1.22 1.22 0.99
T5-D200-3-C40 100.0 1635.7 1.22 1.22 0.99
T5-D200-4-C40 80.0 1703.0 1.23 1.23 0.99
T5-D200-5-C40 60.6 1777.6 1.22 1.22 0.98
T5-D200-6-C40 40.0 2086.7 1.28 1.31 0.98
T5-D200-7-C40 20.0 3041.9 1.46 1.55 1.01
T5-D200-8-C40 10.0 4160.5 1.45 1.57 1.09
T5-D300-1-C40 150.0 3469.3 1.21 1.21 1.00
T5-D300-2-C40 130.4 3524.9 1.21 1.21 0.99
T5-D300-3-C40 100.0 3693.6 1.23 1.23 0.99
T5-D300-4-C40 78.9 3815.4 1.22 1.22 0.98
T5-D300-5-C40 60.0 3995.6 1.21 1.22 0.98
T5-D300-6-C40 40.0 4983.8 1.36 1.39 1.04
T5-D300-7-C40 20.0 7037.3 1.50 1.60
T5-D300-8-C40 15.0 7977.7 1.51 1.61

Mean, Pm 1.29 1.32 1.01
COV, Vp 0.090 0.121 0.035

Reliability index, β 3.59 3.48 2.76
Resistance factor, φ 0.90 0.90 0.90

Table 6. Comparison of numerical results with design
strengths for aluminum CHS columns of series T6–C0.

PFEA PFEA/ PFEA/

Specimen D/t kN PAA PAS/NZS

T6-D80-1-C0 160.0 21.8 1.28 1.28
T6-D80-2-C0 133.3 32.2 1.26 1.26
T6-D80-3-C0 100.0 51.3 1.25 1.25
T6-D80-4-C0 80.0 64.6 1.19 1.19
T6-D80-5-C0 57.1 91.2 1.11 1.11
T6-D80-6-C0 40.0 130.2 1.05 1.11
T6-D80-7-C0 20.0 263.6 1.03 1.15
T6-D80-8-C0 10.0 523.0 1.08 1.21
T6-D200-1-C0 153.8 148.5 1.28 1.28
T6-D200-2-C0 125.0 224.5 1.21 1.21
T6-D200-3-C0 100.0 321.5 1.26 1.26
T6-D200-4-C0 80.0 405.2 1.19 1.19
T6-D200-5-C0 60.6 535.1 1.12 1.12
T6-D200-6-C0 40.0 813.5 1.05 1.11
T6-D200-7-C0 20.0 1638.0 1.02 1.15
T6-D200-8-C0 10.0 3241.4 1.07 1.20
T6-D300-1-C0 150.0 354.2 1.28 1.28
T6-D300-2-C0 130.4 478.0 1.26 1.26
T6-D300-3-C0 100.0 723.4 1.26 1.26
T6-D300-4-C0 78.9 923.1 1.19 1.19
T6-D300-5-C0 60.0 1219.5 1.12 1.12
T6-D300-6-C0 40.0 1832.8 1.05 1.11
T6-D300-7-C0 20.0 3661.0 1.02 1.14
T6-D300-8-C0 15.0 4910.0 1.04 1.17

Mean, Pm 1.15 1.19
COV, Vp 0.085 0.052

Reliability index, β 2.94 3.22
Resistance factor, φ 0.95 0.95
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Table 7. Comparison of numerical results with design
strengths for aluminum CHS columns of series T6–C40.

PFEA PFEA/ PFEA/ PFEA/

Specimen D/t kN PAA PAS/NZS Pp

CHS1C40* 9.8 158.9 1.27 1.39 0.92
CHS2C40* 16.0 217.0 1.35 1.45 0.88
CHS3C40* 23.5 244.1 1.29 1.37 0.81
CHS4C40* 36.9 329.9 1.33 1.38 0.89
CHS5C40* 49.4 543.6 1.42 1.43 1.05
CHS6C40* 48.1 822.8 1.45 1.47 1.07
CHS7C40* 59.3 1111.1 1.33 1.33 0.95
CHS8C40* 29.9 1481.9 1.45 1.53 0.94
CHS9C40* 39.7 1494.1 1.37 1.40 0.92
CHS10C40* 48.5 1690.2 1.30 1.32 0.96
T6-D80-1-C40 160.0 253.0 1.24 1.24 0.98
T6-D80-2-C40 133.3 259.8 1.23 1.23 0.96
T6-D80-3-C40 100.0 282.9 1.26 1.26 0.97
T6-D80-4-C40 80.0 296.3 1.25 1.25 0.97
T6-D80-5-C40 57.1 325.3 1.25 1.25 0.97
T6-D80-6-C40 40.0 396.0 1.34 1.37 0.96
T6-D80-7-C40 20.0 621.6 1.51 1.62 0.99
T6-D80-8-C40 10.0 888.5 1.46 1.60 1.07
T6-D200-1-C40 153.8 1601.1 1.25 1.25 0.98
T6-D200-2-C40 125.0 1689.9 1.26 1.26 0.98
T6-D200-3-C40 100.0 1774.5 1.26 1.26 0.98
T6-D200-4-C40 80.0 1869.6 1.27 1.27 0.97
T6-D200-5-C40 60.6 1989.3 1.25 1.25 0.97
T6-D200-6-C40 40.0 2473.7 1.33 1.36 0.96
T6-D200-7-C40 20.0 3323.8 1.29 1.39 0.85
T6-D200-8-C40 10.0 5460.1 1.44 1.57 1.06
T6-D300-1-C40 150.0 3653.8 1.26 1.26 0.99
T6-D300-2-C40 130.4 3757.4 1.26 1.26 0.98
T6-D300-3-C40 100.0 3964.0 1.25 1.25 0.97
T6-D300-4-C40 78.9 4182.9 1.25 1.25 0.97
T6-D300-5-C40 60.0 4483.0 1.24 1.24 0.97
T6-D300-6-C40 40.0 5857.6 1.40 1.44 1.01
T6-D300-7-C40 20.0 8857.1 1.53 1.64 1.00
T6-D300-8-C40 15.0 10299.7 1.53 1.65 1.03

Mean, Pm 1.33 1.37 0.97
COV, Vp 0.070 0.097 0.058

Reliability index, β 3.84 3.80 2.53
Resistance factor, φ 0.90 0.90 0.90

*Tests conducted by Zhou andYoung (2009)

material properties. The resistance factor φ= 0.90
for composite columns was obtained from reliabil-
ity analysis, and the resistance factor φ= 0.95 for
aluminum columns without concrete infill was used
in the reliability analysis. The load combination of
1.2DL+ 1.6LL was used to determine the reliability
index (β), as shown in Tables 4–7.
The proposed design strengths are generally conser-

vative and reliable for the concrete-filled aluminum
CHS columns. The mean value of the load ratio
(PFEA/Pp) is 1.01with the correspondingCOVof0.035
and the value of β = 2.76 for concrete-filled nor-
mal strength aluminum columns of series T5-C40, as
shown in Table 5. The mean value of the load ratio
is 0.97 with the corresponding COV of 0.058 and the
value of β= 2.53 for concrete-filled high strength alu-
minum columns of series T6-C40, as shown in Table

7. The reliability indices (β) are greater than the tar-
get value for all the specimens. It is shown that the
proposed design strengths are more accurate than the
current design strengths.

9 CONCLUSIONS

Anumerical investigation of concrete-filled aluminum
circular hollow section columns including geomet-
ric and material non-linearities has been presented.
The developed finite element model was verified
against test results. It is shown that the numerical
model closely predicted the structural behaviour of
concrete-filled aluminum CHS columns. Hence, a
parametric study was carried out to study the effects of
cross-section sizes of concrete-filled aluminum CHS
column strengths. A total of 96 specimens were ana-
lyzed in the parametric study. The aluminum tubular
columns without concrete infill were also analyzed
for reference purposes. The reliability of the concrete-
filled aluminum column design rules in the current
American and Australian/New Zealand specifications
for aluminum and concrete structures was evalu-
ated using reliability analysis. The composite column
strengths obtained from the finite element analysis and
the tests were compared with the design strengths. It is
shown that theAmerican andAustralian/New Zealand
specifications are generally conservative and reliable
for the concrete-filled normal and high strength alu-
minum CHS stub columns having nominal concrete
cylinder strength of 40 MPa.
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ABSTRACT: Aluminium structural members are being used increasingly widely nowadays due to a range of
advantageous characteristics such as high strength to weight ratio, good corrosion resistance, ease of fabrication
and aesthetic appearance.A test program on aluminium Square Hollow Sections (SHS) and Rectangular Hollow
Sections (RHS) as well as SHS and RHS with internal cross stiffeners was conducted. A total of nine stub
columns with a wide range of cross-section slenderness were compressed between fixed ends. Two kinds of
aluminium alloy, 6063-T5 and 6061-T6, were investigated. Material properties were determined by tensile
coupon tests and hardness measurements. Significant strain hardening was observed for most of the columns.
The test strengths obtained from this study, together with the previous test data conducted by other researchers,
were compared with the design strengths predicted by the American, Australian/New Zealand and European
specifications for aluminium structures. Furthermore, the test strengths were also compared with the strengths
predicted using the deformation based Continuous Strength Method (CSM). The design strengths predicted by
the three specifications were generally conservative for all columns. The Continuous Strength Method provides
better predictions for aluminium alloy columns with stocky sections.

1 INTRODUCTION

The first building structure made from an aluminium
alloy was found in Europe in the 1950s (Mazzolani,
1994). Structural hollow sections are now widely
used in a range of engineering applications such as
building facades, roof systems, moving bridges and
structures situated in humid environments. Therefore,
a reliable evaluation of the compression capacity of
non-slender aluminium alloy sections is necessary.
The compression resistance of non-slender aluminium
alloy non-slender sections is influenced by strain hard-
ening, which occurs in stocky sections experiencing
large plastic strains.
As for long columns and welded columns influ-

enced by the heat-affected zone (HAZ), previous
studies have reported that the current design codes
generally provide conservative predictions (Bijlaard&
Fisher, 1953; Mennick, 2002; Zhu & Young, 2006;
Zhu&Young, 2008;Ashraf&Young, 2010;Mazzolani
et al., 2011). Gardner & Ashraf (2006) explained
that existing codes generally underestimated column
strengths and did not adequately allow for non-
linearity of the stress-strain response below the yield
point and the strain hardening beyond the yield point.
Additionally, Mazzolani et al. (2011) have identi-
fied some limitations of cross-section classification
in Eurocode 9 (EC9, 2007), while use of the bi-
linear material model and the concept of section

classification ensures convenience in structural design
calculations (Gardner & Ashraf, 2006). A number of
studies (Mennick, 2002; Gardner & Ashraf, 2006;
Ashraf & Young, 2010; Mazzolani et al., 2011) have
revealed that the strain hardening has a significant
effect on aluminium compression resistance and sec-
tion classification that cannot be negligible. Thus,
this study mainly focused on non-slender sections of
aluminium alloy stub columns.
The experimental program was performed on four

different extruded aluminium alloy sections: rectan-
gular hollow sections (RHS), square hollow sections
(SHS) and RHS and SHS with internal cross stiff-
eners. The aluminium alloys 6061-T6 and 6063-T5
were used for the test specimens. Previous test data
conducted by other researchers on various classes
of sections were also used in this study. The stub
column test data covering a large range of b/t
ratios were used to assess the section classification
approach given in EC9 (2007). These test results
were compared with the compression resistance pre-
dicted by the American Aluminium Design Manual
(AA, 2010), the Australian/New Zealand Standard
(AS/NZS, 1997), Eurocode 9 (EC9, 2007) and the
Continuous Strength Method (Gardner et. al., 2011)
for aluminium columns. The aim of this paper is
to evaluate the existing design rules for aluminium
columns using the test results obtained from this study
and previous investigations.
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2 EXPERIMENTAL INVESTIGATION

2.1 Test specimens

A series of aluminium alloy stub column tests com-
prising four section shapes was performed at the
Structural Laboratory in the University of HongKong.
The test specimens were manufactured by extrusion
using 6061-T6 and 6063-T5 heat-treated aluminium
alloys of different cross-sectional geometry, as shown
in Table 1, using the symbols illustrated in Figures 1
and 2. The cross-section dimensions shown in Table 1
are the average measured values for each test spec-
imen. The additional symbols used in Table 1 are
defined as follows: L is the stub column length,
σ0.2 is material yield stress (taken as the 0.2% proof
stress), σu is material ultimate stress, n is the expo-
nent of Ramberg-Osgood expression and Hardness is
the material surface hardness index. Initial local geo-
metric imperfections were measured at mid-span on
all four faces of selected columns. The imperfection
measurements were conducted by mounting the spec-
imen on a milling machine and measuring by a digital
displacement transducer, as shown in Figure 3. The
imperfection measurements were recorded at 2mm
intervals to obtain the profiles, as plotted in Figure 4.

2.2 Specimen labelling

The test specimens in this study were labelled accord-
ing to the material strength and cross-section dimen-
sions, as shown in Table 1. For example, the label
“H70× 55× 4.2C-R” defines the following speci-
men. The first letter “H” refers to high strength
aluminium alloy 6061-T6, while “N” refers to normal
strength aluminium alloy 6063-T5; the nominal cross-
section has dimensions of width (70mm)× height
(55mm)× thickness (4.2mm); if there is a “+” in
front of the label, it means the hollow section has
internal cross stiffeners; the symbol “C” following the
dimensions mean a column compression test. Finally,
if the test is repeated, a letter “R” will be shown in the
label.

2.3 Material properties

Themeasuredmaterial properties of each specimen are
summarized in Table 1. The material properties were

Table 1. Measured stub column dimensions and material properties from tensile coupons.

B H t L E σ 0.2 σ u
Specimen (mm) (mm) (mm) (mm) (GPa) (MPa) (MPa) n Hardness

H70× 55× 4.2C 69.9 54.9 4.08 209.8 65 193 207 22 12
H64× 64× 3.0C 63.9 63.9 2.81 191.1 66 234 248 12 13
H120× 120× 9.0C 120.0 120.0 8.91 360.2 65 225 234 13 12
N120× 70× 10.5C 119.9 69.8 10.45 360.9 71 139 194 9 11
N120× 120× 9.0C 120.0 120.0 8.92 361.3 69 181 228 9 11
H70× 55× 4.2C-R 69.9 54.9 4.09 209.9 65 193 207 22 12
H64× 64× 3.0C-R 63.9 63.9 2.85 191.5 66 234 248 12 13
+H95× 95× 4.3C 95.4 95.3 4.17 284.8 67 228 240 12 12
+H95× 95× 4.3C-R 95.4 95.3 4.17 284.8 67 228 240 12 12

determined by longitudinal tensile coupon tests which
conformed to the Australian standard AS 1391 (AS,
2007) and theASTMstandard (ASTM,1997). Further-
more, hardness tests were also conducted according to
the Standard Test Method for Indentation Hardness of
Aluminium Alloys by Means of a Webster Hardness
Gage (ASTM, 2010).
The 6061-T6 and 6063-T5 tempers have different

mechanical properties and behaviour. The temper T5

Figure 1. Definition of symbols for SHS/RHS.

Figure 2. Definition of symbols for SHS/RHSwith internal
stiffeners.
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has lowyield strength, considerable strain hardening, a
low hardness value and high ductility, whereas temper
T6 has higher yield strength, lesser strain hardening, a
higher hardness value and lower ductility, as illustrated
in Figure 5.
The coupon specimens were machined from the

structural sections with a 50mm gauge length. The
static curves were achieved by pausing the applied
strain for 1.5 min near the 0.2% proof stress and the
ultimate tensile strength. The Webster hardness tests

Figure 3. Measurement of initial local geometric imperfec-
tions.

Figure 4. Initial local geometric imperfection profiles of
specimen +H95× 95× 4.3C-R.

Figure 5. Static stress-strain curves for T6 (high-strength)
and T5 (normal-strength) material.

were measured directly from the flat surfaces of the
column specimens.

2.4 Testing procedure

An experimental program of nine stub columns was
conducted on aluminium alloy SHS and RHS as well
as SHS and RHS with internal cross stiffeners to
investigate load-carrying capacity and the significance
of strain hardening. The nominal length of the stub
columnswas selected as three times of the larger cross-
section dimension. After cutting the specimens, the
ends of the columns were milled flat to ensure uni-
form load applied to the specimens.The columns were
compressed between fixed ends, restrained against
rotations, twisting andwarping.The test configuration
of specimen H70× 55× 4.2C is shown in Figure 6.
Three 25 mm-range LVDTs were used to mea-

sure the vertical deformation of the specimens. Strain
gauges were attached at 10 mm intervals in the axial
direction at mid-length of the columns to determine
the axial strain and tomonitor local buckling. Since all
the sections are doubly symmetric, strain gauges were
only adhered to one-quarter of the section perimeter.
A servo-controlled hydraulic testing machine was

used to apply compressive force by displacement con-
trol at a constant speed of 0.4 mm/min for all tests. An
initial load of 2 kN was applied on the specimens to
ensure full contact between the specimen and upper
and lower end plates. The applied load and the read-
ings of the LVDTs and strain gauges were recorded by
a data logger every second during the tests.

2.5 Results

The test results obtained from this study and by pre-
vious researchers are used in this investigation. The
experimental ultimate loads (Pexp) were compared
with the nominal compressive design strengths pre-
dicted by the American Aluminum Design Manual

Figure 6. Test configuration for stub column H70×
55× 4.2C.

503



Figure 7. Strain distribution of specimen +H95×
95× 4.3C.

Figure 8. Strain distribution of specimen H64× 64× 3.0C.

(PAA), AS/NZS (PAS/NZS ), EC9 (PEC9) and the CSM
(Pcsm) for aluminium stub columns.

2.5.1 Test results obtained from this study
High deformation capacity and large plastic strains
were observed in the response of the stocky sec-
tions. In the case of class 1 sections, such as
+H95× 95× 4.3C, local buckling is only identifiable
at the peak load after significant plastic deformation,
as shown in Figure 7, while local buckling is far more
pronounced in the class 3 specimen H64× 64× 3.0C,
as shown in Figure 8. The majority of the columns
failed bymaterial yielding and inelastic local buckling,
as shown in Figure 9, though in some specimens, evi-
dence of local buckling prior to yielding and a degree
of global buckling was observed. The test results
conducted by the authors are plotted in Figure 10.

2.5.2 Previous test data from other researchers
Langseth & Hopperstad (1997) carried out an exper-
imental investigation to study the local buckling
behaviour of SHS of aluminium alloy 6060. In order
to provide data for the development of EC9 (2007),
Faella et al. (2000) conducted an extensive experimen-
tal program on aluminium hollow section columns and
developed an empirical formulation to predict the col-
umn strengths. Mennink (2002) reported a series of

Figure 9. Stub column failure modes of specimens H70×
55× 4.2C-R, H64× 64× 3.0C-R and +H95× 95× 4.3C.

Figure 10. Comparison between tests results and EC9 yield
limit with classification boundaries.

aluminium column tests and compared the test results
with design strengths predicted by international codes,
but only four stub columns related to this study were
used. The dimensions and material properties of these
specimens are shown in Table 2. The test results are
also plotted in Figure 10.

3 SECTION CLASSIFICATION

Eurocode 9 (EC9, 2007) is one of the international
codes providing quantitative classification criterion
for aluminium alloy sections, which accounts for
material properties and section dimensions. The char-
acteristics of the different classes are as follows: class
1 and class 2 sections are able to develop their plas-
tic moment capacity; class 3 sections are capable of
reaching their yield stress before the onset of local
buckling; class 4 sections fail by local buckling below
the yield stress (Faella et al., 2000).
Based on this section classification, the structural

behaviour can be examined.The experimental ultimate
loads (Pexp) are generally higher than the yield limit
(Afy) for the class 1 and class 2 sections, while the
class 4 slender sections have ultimate loads lower than
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Table 2. Measured stub column dimensions and tensile material properties from literature (Langseth & Hopperstad, 1997;
Faella et al., 2000; Mennink, 2002).

B H t L E σ0.2 σu
Specimen (mm) (mm) (mm) (mm) (GPa) (MPa) (MPa) n

SHS1-A 15.0 15.0 1.90 44.5 68 214 241 22
SHS1-B 15.0 15.0 1.90 46.0 68 214 241 22
SHS2-A 40.1 40.1 4.10 115.7 72 224 244 19
SHS2-B 40.1 40.1 4.10 120.0 72 224 244 19
SHS3-A 51.2 50.0 3.06 149.4 65 223 245 29
SHS3-B 51.2 50.0 3.06 149.4 65 223 245 29
SHS4-A 50.4 50.3 4.27 149.4 64 203 225 31
SHS4-B 50.4 50.3 4.27 149.3 64 203 225 31
SHS5-A 70.2 70.1 4.12 209.5 70 176 203 21
SHS5-B 70.2 70.1 4.12 209.5 70 176 203 21
SHS6-A 79.9 79.9 4.25 239.0 72 194 220 27
SHS6-B 79.9 79.9 4.25 239.0 72 194 220 27
SHS7-A 100.0 99.8 3.93 296.0 71 210 228 28
SHS7-B 100.0 99.8 3.93 299.0 71 210 228 28
SHS8-A 60.4 60.4 2.26 179.0 72 158 187 12
SHS8-B 60.4 60.4 2.26 179.0 72 158 187 12
SHS9-A 80.4 80.2 2.08 239.5 65 187 204 28
SHS9-B 80.4 80.2 2.08 239.0 65 187 204 28
SHS10-A 100.3 99.9 6.00 303.0 65 294 324 27
SHS10-B 100.3 99.9 6.00 303.0 65 294 324 27
SHS11-A 150.2 150.1 5.00 437.0 75 209 252 11
SHS11-B 150.2 150.1 5.00 451.0 75 209 252 11
SHS12-A 149.9 149.9 5.11 451.0 68 258 300 13
SHS12-B 149.9 149.9 5.11 452.0 68 258 300 13
RHS1-A 34.0 20.0 3.00 46.8 63 219 251 24
RHS1-B 34.0 20.0 3.00 46.8 63 219 251 24
RHS2-A 39.9 29.9 4.00 73.6 70 202 214 31
RHS2-B 39.9 29.9 4.00 120.4 70 202 214 31
RHS3-A 50.1 20.0 4.08 52.3 68 211 233 27
RHS3-B 50.1 20.0 4.08 52.3 68 211 233 27
RHS4-A 50.0 30.3 3.05 80.7 71 217 242 20
RHS5-A 50.3 40.3 2.70 104.5 70 222 244 48
RHS6-A 60.2 34.1 3.00 88.8 78 213 235 19
RHS21-A 47.0 40.0 2.90 140.0 68 251 277 33
RHS21-B 47.0 40.0 2.90 141.0 68 251 277 33
AA6060-T4-1.8 80.0 80.0 1.80 310.0 68 77 167 10
AA6060-T4-2.0 80.0 80.0 2.00 310.0 68 77 167 10
AA6060-T4-2.5 80.0 80.0 2.50 310.0 68 77 167 10
AA6060-T6-1.8 80.0 80.0 1.80 310.0 68 188 214 30
AA6060-T6-2.0 80.0 80.0 2.00 310.0 68 188 214 30
AA6060-T6-2.5 80.0 80.0 2.50 310.0 68 188 214 30
AA6060-T4*-2.5 80.0 80.0 2.50 310.0 68 115 196 15
RHS01 50.0 50.0 2.97 50.0 70 230 258 30
RHS02 50.0 50.0 2.96 100.3 69 230 258 30
RHS04 50.0 50.0 3.13 149.7 67 230 258 30
RHS05 50.0 50.0 3.13 200.0 68 199 218 28

the yield limit, as shown in Figure 10. According to
the aforementioned characteristics for the four classes,
there is a possibility tomodify the limits of the different
classes.

4 COMPARISON OF TEST STRENGTHSWITH
DESIGN STRENGTHS

A total of 55 stub column test strengths (Pexp) are com-
pared with the unfactored design strengths predicted

using theAA (2010),AS/NZS (1997) and EC9 (2007)
for aluminium structures, as shown in Figures 11–13.
The comparisons were performed using the measured
material properties and cross-section dimensions,with
all safety factors set equal to unity.
The American Aluminum Design Manual (AA,

2010) provides design rules for aluminium alloy stub
columns, in which the resistance of stocky sections is
the yield stress multiplied by the gross cross-sectional
area, while a reduced stress is used for slender sec-
tions. The AS/NZS (1997) provisions are the same as
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Figure 11. Comparison between test results and design
strengths predicted by American Aluminum Design Manual
(AA, 2010).

Figure 12. Comparison between test results and design
strengths predicted by Australia/New Zealand Specification
(AS/NZS, 1997).

Figure 13. Comparison between test results and design
strengths predicted by Eurocode 9 (EC9, 2007).

AA (2010), except with a coefficient for compression
members. The ratios of experimental ultimate loads to
design loads for the AA (Pexp/PAA) and the AS/NZS
(Pexp/PAS/NZS ) havemeanvalues of 1.09 and1.20,with

Table 3. Comparison summary of all stub column test
results.

Specimen

Pexp

PAA

Pexp

PAS/NZS

Pexp

PEC9

Pexp

Pcsm

Mean 1.09 1.20 1.09 1.02
COV 0.119 0.146 0.120 0.088

Figure 14. Comparison between test results and the CSM
design base curve (Gardner et al., 2011).

the corresponding coefficients of variation (COV) of
0.119 and 0.146, respectively, as shown in Table 3.
In calculating the design strengths of aluminium stub
columns, EC9 (2007) employs an effective thickness
approach.The comparison of test strengths and design
strengths (Pexp/PEC9) for EC9 (2007) has the mean
value of 1.09 and a corresponding COV of 0.120,
as shown in Table 3. It can be seen that the design
strengths predicted by the AS/NZS (1997) is more
conservative than EC9 (2007) andAA (2010), and pre-
dicts approximately 80% of the column test strengths.
Table 3 indicates that EC9 (2007) andAA (2010) have
similar performance regarding stub column capacity
predictions. It is reflected in Figures 11–13 that the
design strengths predicted by the three codes are more
conservative for columns of class 1 and class 2 sections
than columns of class 3 and class 4 sections.
A deformation-based design approach for alu-

minium and other nonlinear metallic material was
proposed by Gardner & Ashraf (2006), and improved
and broadened by Gardner et al. (2011). The Contin-
uous Strength Method (CSM) for metallic columns
is now simple to apply in that it uses a single base
curve for aluminium, stainless steel and carbon steel to
determine deformation capacity and an elastic, linear
hardening material model to account for strain hard-
ening. A comparison of the test results with the CSM
design base curve is shown in Figure 14. The compar-
ison indicates that the CSM base curve is applicable
to aluminium.The CSM also provides a more accurate
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Figure 15. Comparison between test results and design
strengths predicted by the CSM (Gardner et al., 2011).

prediction of capacity than other international struc-
tural aluminium design codes, with a mean value of
1.02 for the load ratio Pexp/Pcsm and COV of 0.088,
as shown in Table 3 and plotted in Figure 15. This is
attributed to a rational exploitation of strain hardening.
It should be noted that the cross-section slenderness
(λp), as plotted in Figures 11–15, considered element
interaction (Seif & Schafer, 2010) instead of consid-
ering the most slender element in the section. In this
study, the strain hardening slope Esh was determined
from coupon test results for the tested stub columns,
while the Esh is assumed to be E/100 (EC3, 2006)
for the column data obtained from other researchers.
To sum up, the design strengths of stub columns pre-
dicted by the AA (2010), AS/NZS (1997) and EC9
(2007) specifications are safe, but conservative, while
the CSM provides accurate predictions.

5 CONCLUSIONS

A test program on fixed-ended aluminium alloy stub
columns of square and rectangular hollow sections
with and without internal cross stiffeners has been
presented. The materials investigated in these experi-
ments are heat-treated aluminium alloy 6063-T5 and
6061-T6, whose properties have been obtained from
tensile coupon tests. Initial local geometric imperfec-
tions of the column specimensweremeasured.A series
of aluminium alloy hollow section stub columns of
different grades and sizes from previous studies by
other researchers was also used in this investigation.
The newly generated and existing experimental data
were compared with the design strengths predicted by
the American, Australian/New Zealand and European
specifications and the Continuous Strength Method
(CSM) for aluminium structures. Generally, the design
strengths predicted by the three specifications are quite
conservative, whereas the design strengths predicted
by the CSM are more accurate than the current design
methods. It is found that the design predications are

more conservative for stocky sections due to the effect
of strain hardening; the significance of this effect will
be further investigated.
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ABSTRACT: The use of aluminium alloys in civil engineering is becoming more and more popular. An
experimental investigation was performed on aluminium alloy square and rectangular hollow sections subjected
to bending. The test program consisted of 11 three-point bending tests and 11 four-point bending tests. The test
specimens were fabricated by extrusion using 6061-T6 heat-treated aluminium alloy, and had width-to-thickness
ratio ranging from 2.8 to 20.5. The lengths of the beam specimens were 690mm for the three-point bending
tests and 990mm for the four-point bending tests. Material properties were obtained from tensile coupon tests
and hardness measurements. The available data from previous studies on aluminium simply supported beams
of square and rectangular hollow sections were also considered in this study. A comparison of the test strengths
with the design strengths calculated from the American, Australian/New Zealand and European specifications
for aluminium structures is presented. The test results were also compared with the moment capacities obtained
from deformation-based Continuous Strength Method (CSM). It is shown that the design strengths predicted
by the three specifications are generally conservative, while the CSM provides a more accurate prediction. This
is attributed to the occurrence of strain hardening in stocky cross-sections, which is neglected by the three
specifications but allowed for in the CSM.

1 INTRODUCTION

The first aluminium structural members were pro-
duced and utilised in the 1930s (Kissell&Ferry, 2002).
In recent years, the application of aluminium alloys in
the civil engineering industry has become more popu-
lar.This buildingmaterial satisfies the requirements of
engineers with its advantageous characteristics of high
strength-to-weight ratio, good corrosion resistance,
ease of fabrication and the flexibility on cross-section
shapes. Some aluminium alloys are relatively ductile,
with fracture strains as large as 15%, and appreciable
strain hardening (Mazzolani, 1994).
The available experimental data on simply sup-

ported beams of square hollow section (SHS) and
rectangular hollow section (RHS) were reported by
Lai & Nethercot (1992), Moen et al. (1999) and Zhu
& Young (2006, 2009). The design specifications of
the American Aluminum Design Manual (AA, 2010),
theAustralian/NewZealandStandard (AS/NZS, 1997)
and Eurocode 9 (EC9, 2007) are widely used. How-
ever, onlyEC9 specifies aluminiumalloy cross-section
classification that is similar to steel codes. It is shown
that the design strengths predicted by these specifica-
tions are generally conservative (Moen et al., 1999;
Zhu & Young, 2006; Zhu & Young, 2009; Kim &
Peköz, 2010). EC9 (2007) is the first specification
allowing a complete inelastic analysis (De Matteis

et al., 2001). The width-to-thickness ratio and the
yield stress are recognized as the governing design
parameters in the aforementioned specifications. The
previous studies reflected that although the existing
design specifications are widely used by structural
engineers, they are not so efficient without consid-
ering strain hardening. Thus, recently attention has
turned to the development of new design methods
for metallic material. The Direct Strength Method
(DSM) has been proposed by Schafer & Peköz (1998)
for cold-formed carbon steel flexural members and
later applied to aluminium alloy flexural members
by Zhu & Young (2009). The Continuous Strength
Method (CSM) for determinate steel structural mem-
bers (Gardner, 2008) and indeterminate structural
members (Gardner et al., 2011) is a deformation-based
design approach, employing a continuous relationship
between cross-section slenderness and cross-section
deformation capacity together with a material model
that allows for strain hardening in stocky sections
experiencing large plastic strains.
To date, the majority of aluminium alloy bending

tests were conducted on specimens of semi-compact
and slender sections. The assessment of reliability
and accuracy of design specifications for plastic and
compact sections are relatively scarce. Bending tests
on stocky SHS and RHS specimens with high rota-
tion capacity are presented in this paper, including
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Figure 1. Definition of symbols for SHS/RHS.

experiments in the three-point and four-point configu-
rations.The test results and previous experimental data
from other researchers are compared with the design
strengths predicted by the aforementioned design
specifications and the CSM. In addition, the compar-
ison between three-point and four-point bending test
results is also discussed.

2 EXPERIMENTAL INVESTIGATION

2.1 Test specimens

The test specimens were manufactured by extrusion
using 6061-T6 heat-treated aluminium alloy. There
are 22 flexural specimens of different cross-sectional
geometry, defined using the symbols illustrated in
Figure 1. The cross-sectional dimensions shown in
Tables 1 and 2 are the average measured values for
each test specimen in this study.
In addition, the symbols shown in Tables 1 and 2

are defined as follows: L is the beam length, E is the
Young’s Modulus obtained from tensile coupon tests,
σ0.2 is thematerial yield stress (taken as the 0.2%proof
stress), σu is the material ultimate stress, n is the expo-
nent of Ramberg-Osgood expression and the material
surface hardness is also reported.

2.2 Specimen labelling

The specimens were labelled according to the type of
material, cross-sectional dimensions and test configu-
rations. For example, the label “H70× 55× 4.2B3-R”
defines the RHS specimen of high strength aluminium
alloy 6061-T6, with nominal cross-sectional dimen-
sion of width (70mm)× height(55mm)× thickness
(4.2mm). The symbol “B3” following dimensions
refers to the three-point loading configuration,
whereas “B4” signifies the four-point loading config-
uration. If a test is repeated, a letter “R” is included
in the label. The arrangement of the cross-sectional

dimensions also refers to the bending axis. In this case,
the specimen H70× 55× 4.2B3-R was bending about
the minor axis.

2.3 Material properties

Material properties were determined by means of lon-
gitudinal tensile coupon tests and hardness measure-
ments, as summarized in Tables 1 and 2. The typical
tensile coupon tests conformed to theAustralian stan-
dard AS 1391 (AS, 2007) and the ASTM standard
(ASTM, 1997). Hardness measurements were con-
ducted to determine the aluminium surface hardness
which varies in different aluminium alloy tempers
according to the StandardTest Method for Indentation
Hardness ofAluminiumAlloys byMeans of aWebster
Hardness Gage (ASTM, 2010).

2.4 Testing procedure and failure modes

The bending tests were conducted to assess moment
capacity, rotation capacity and the significance of
strain hardening. Stiffening steel plates of 100mm
width and 10mm thickness as well as wooden blocks
were employed at the loading points and supports to
prevent web crippling due to load concentration. A
steel bearing plate was placed between the specimen
and loading/support point for the purpose of spreading
the concentrated load. A 1000 kN capacity servo-
controlled hydraulic testingmachinewas used to apply
compressive force by displacement control at a con-
stant speed of 0.8 mm/min for all tests. The applied
loads as well as the readings of LVDTs and strain
gauges were recorded by a data logger at one sec-
ond intervals during the tests. Hinges and pins were
simulated by half rounds and rollers, respectively.

2.4.1 Three-point bending tests
In the three-point bending tests, the simply supported
specimens were loaded at the mid-span under the
bearing plates and rollers, as shown in Figure 2. The
span between the loading point and the supports was
300mm for all tests so that the failure of beams was
governed bymoment capacity rather than fail by shear.
One 100mm LVDT was used to measure the ver-
tical deflection mid-span. Two 25mm LVDTs were
placed at each end to measure the end rotation, since
three-point bending specimens do not have constant
moment along the beam length. Three strain gauges
were adhered to the compressive flange next to the
loading point, two near the flange-web junctions and
one in the middle of the flange, for the relatively slen-
der sections (H70× 55× 4.2B3, H55× 70× 4.2B3
and H64× 64× 3.0B3) to monitor the possible local
buckling.

2.4.2 Four-point bending tests
In the four-point bending tests, the simply supported
specimens were loaded symmetrically at two points
using a spreader beam, as shown in Figure 3. One
100mm LVDT and two 50mm LVDTs were used
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Table 1. Measured three-point bending specimen dimensions and material properties from tensile coupon tests.

B H t L E σ0.2 σu
Specimen (mm) (mm) (mm) (mm) (GPa) (MPa) (MPa) n Hardness

H70× 55× 4.2B3 69.8 55.2 4.09 694.8 67 207 222 16 13
H55× 70× 4.2B3 54.7 69.8 4.09 693.4 67 207 222 16 13
H95× 50× 10.5B3 94.7 49.6 10.34 695.0 68 229 242 11 11
H50× 95× 10.5B3 49.5 94.6 10.34 693.0 68 229 242 11 12
H64× 64× 3.0B3 63.9 63.8 2.89 692.7 67 232 245 10 12
H120× 120× 9.0B3 120.0 119.9 8.90 691.4 65 225 234 13 12
H120× 70× 10.5B3 119.8 69.8 10.28 691.4 68 226 238 10 12
H70× 120× 10.5B3 69.8 119.8 10.26 691.8 68 226 238 10 12
H70× 55× 4.2B3-R 69.8 54.8 4.07 694.1 65 193 207 22 12
H50× 95× 10.5B3-R 49.5 94.7 10.33 692.8 68 229 242 11 11
H64× 64× 3.0B3-R 63.9 63.9 2.83 696.3 67 232 245 10 12
Q1-1m-1# 99.6 100.3 5.91 1000.0 69 316 324 — —
Q1-1m-2# 99.6 100.3 5.91 1000.0 69 316 324 — —
Q1-2m-1# 99.6 100.3 5.91 2000.0 69 316 324 — —
Q1-2m-3# 99.6 100.3 5.91 2000.0 69 316 324 — —
Q2-1m-1# 100.0 100.0 5.91 1000.0 67 177 284 — —
Q2-1m-2# 100.0 100.0 5.91 1000.0 67 177 284 — —
Q2-2m-1# 100.0 100.0 5.91 2000.0 67 177 284 — —
Q2-2m-2# 100.0 100.0 5.91 2000.0 67 177 283 — —
Q3-1m-1# 100.0 99.7 2.87 1000.0 67 120 221 — —
Q3-1m-2# 100.0 99.7 2.87 1000.0 67 120 221 — —
Q3-2m-1# 100.0 99.7 2.87 2000.0 67 120 221 — —
Q3-2m-3# 100.0 99.7 2.87 20000 67 120 221 — —
Q4-2m-1# 100.1 100.0 5.97 2000.0 67 314 333 — —
Q4-2m-2# 100.1 100.0 5.97 2000.0 67 314 333 — —
R1-1m-1# 60.0 119.4 2.45 1000.0 67 289 302 — —
R1-2m-1# 60.0 119.4 2.45 2000.0 67 289 302 — —
R1-2m-2# 60.0 119.4 2.45 2000.0 67 289 302 — —
R1-3m-1# 60.0 119.4 2.45 3000.0 67 289 302 — —
R1-3m-2# 60.0 119.4 2.45 3000.0 67 289 302 — —
R2-1m-1# 60.1 100.0 2.93 1000.0 66 281 290 — —
R2-1m-2# 60.1 100.0 2.93 1000.0 66 281 290 — —
R2-2m-1# 60.1 100.0 2.93 2000.0 66 281 290 — —
R2-2m-2# 60.1 100.0 2.93 2000.0 66 281 290 — —
R2-3m-1# 60.1 100.0 2.93 3000.0 66 281 290 — —
R2-3m-2# 60.1 100.0 2.93 3000.0 66 281 290 — —

# Test results from Moen et al. (1999).

to measure the vertical deflection at mid-span and
at the loading points, respectively, in order to obtain
the curvature in the constant moment region. The
Moment-curvature curve for H120× 120× 9.0B4 is
shown in Figure 4. Two 25mm LVDTs were placed
at each end of the beams to measure the end rota-
tion. Similarly, three strain gauges were used in the
compressive flange at mid-span for the relatively slen-
der sections (H70× 55× 4.2B4, H55× 70× 4.2B4
and H64× 64× 3.0B4) to detect the possible local
buckling.

2.4.3 Failure modes
The specimens generally failed by spread of plas-
ticity and inelastic local buckling, except for beams
H50× 95× 10.5B3 and H70× 120× 10.5B3 which
failed by tensile material fracture at mid-span. A dis-
tinct sound could be heard when the material split on

the tensile flange at failure, as seen in Figure 5. It
should be noted that significant visual local buckling
was not observed in the tests.

2.5 Test results and previous test data from other
researchers

The following experimental data on hollow sections
collected from other researchers were used in this
investigation. Moen et al. (1999) conducted 25 three-
point bending tests on aluminium hollow section
beams, considering plastic behaviour under a moment
gradient. On the other hand, four-point bending exper-
iments on high strength aluminium RHS beams have
been reported byLai&Nethercot (1992). Zhu&Young
(2006, 2009) also conducted four-point bending tests
of thin-walled aluminium RHS and SHS to achieve
a constant moment region with zero shear force. The
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Table 2. Measured four-point bending specimen dimensions and material properties from tensile coupon tests.

B H t L E σ0.2 σu
Specimen (mm) (mm) (mm) (mm) (GPa) (MPa) (MPa) n Hardness

H70× 55× 4.2B4 69.9 54.9 4.09 990.0 67 207 222 16 14
H55× 70× 4.2B4 54.9 69.9 4.10 993.1 67 207 222 16 14
H95× 50× 10.5B4 94.7 49.6 10.35 993.8 68 229 243 11 12
H50× 95× 10.5B4 49.6 94.7 10.37 988.3 68 229 243 11 12
H64× 64× 3.0B4 63.9 63.9 2.86 991.2 67 232 245 10 12
H120× 120× 9.0B4 120.0 112.0 8.92 995.8 65 225 234 13 12
H120× 70× 10.5B4 119.8 69.8 10.40 993.6 68 226 238 10 12
H70× 120× 10.5B4 69.9 119.8 10.30 996.5 68 226 238 10 12
H64× 64× 3.0B4-R 63.8 63.9 2.87 993.4 67 232 245 10 12
H70× 55× 4.2B4-R 70.0 54.9 4.08 989.5 67 207 222 16 14
H55× 70× 4.2B4-R 54.9 70.0 4.09 989.5 67 207 222 16 14
S1-PB# 44.6 44.6 1.14 — 68 296 300 — —
R1-PB# 100.1 44.1 1.32 — 70 260 276 — —
R2-PB# 99.8 43.9 2.90 — 69 275 283 — —
R2-PB## 99.8 44.0 2.91 — 69 275 283 — —
H32× 32× 2* 32.0 32.0 1.94 1240.0 66 243 261 — —
H40× 40× 5* 39.9 39.9 4.85 1440.0 70 226 246 — —
H50× 50× 2* 50.7 50.7 1.95 1640.0 67 264 271 — —
H50× 50× 3* 50.5 50.5 3.09 1640.0 64 268 273 — —
H65× 65× 3* 64.1 64.1 2.99 1840.0 68 222 236 — —
H76× 76× 3* 76.1 76.1 3.10 1840.0 68 246 264 — —
H90× 90× 2* 88.2 88.2 1.75 2040.0 67 246 263 — —
H100× 100× 2* 102.0 102.0 2.31 2240.0 68 234 258 — —
H110× 110× 3* 111.6 111.6 3.13 2640.0 66 290 291 — —
H153× 153× 3* 153.6 153.6 3.36 3000.0 72 244 267 — —
N-1000-P-2ˆ 50.9 102.2 4.50 1200.0 71 373 430 33 —
N-1000-P-3ˆ 50.9 102.2 4.50 1200.0 71 373 430 33 —
N-2000-P-1ˆ 50.9 102.2 4.50 2200.0 71 373 430 33 —
N-2000-P-2ˆ 50.9 102.2 4.50 2200.0 71 373 430 33 —

# Test results from Zhu &Young (2006)
*Test results from Zhu &Young (2009)
T̂est results from Lai & Nethercot (1992).

Figure 2. Test configuration for three-point bending tests
(dimensions in mm).

hollow sections examined by other researchers con-
sist of both slender and non-slender sections. The test
results from the current study are given in Table 3; a
comparison of the response in three-point and four-
point bending is given in the following section. The
combined data set from the literature and the newly
generated data from this study, are presented in Tables
4–5, and are used to assess the beam design rules in the
current specifications and the CSM design method.

Figure 3. Test configuration for four-point bending tests
(dimensions in mm).

3 COMPARISON BETWEEN THREE-POINT
AND FOUR-POINT BENDING TESTS

Two bending test configurations – three-point bending
and four-point bending – were employed for each sec-
tion in the current study. The investigation focused on
non-slender sections subjected to a moment gradient
with maximum shear stress for three-point bending
tests and a constant moment without shear stress
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for four-point bending tests. Typical failed specimens
from the three-point and four-point bending tests are
shown Figures 6 and 7, respectively.
Generally, it can be seen fromTable 3 that the three-

point bending tests lead to 15% to 20%higher ultimate
moment capacity than four-point bending tests for the
same sections, which coincides with the findings of
Chan & Gardner (2008). Meanwhile, the end rota-
tions are also improved by 10% to 15% in three-point
bending tests as compared to those four-point bending
tests. Theofanous et al. (2009) and Chan & Gard-
ner (2008) explained the reason as the “stabilizing
effect from the stiffer material surrounding the plastic
hinge, which is at a lower stress level in the three-point
bending arrangement and helps to delay local buck-
ling, whereas in four-point bending, the whole central
region experiences constant moment and the point of
local buckling receives less restraint”. Furthermore,

Figure 4. Moment-curvature curve for H120× 120×
9.0B4.

Figure 5. Material splitting on the tensile flange.

Table 3. Comparison of moment capacity between three-point and four-point bending tests.

Mexp,u Mexp,u B3Mexp,u

Specimen (kNm) Specimen (kNm) B4Mexp,u

H70× 55× 4.2B3 4.75 H70× 55× 4.2B4 4.72 1.01
H55× 70× 4.2B3 6.76 H55× 70× 4.2B4 6.49 1.04
H95× 50× 10.5B3 12.09 H95× 50× 10.5B4 10.35 1.17
H50× 95× 10.5B3 21.09 H50× 95× 10.5B4 18.04 1.17
H64× 64× 3.0B3 4.10 H64× 64× 3.0B4 3.59 1.14
H120× 120× 9.0B3 44.42 H120× 120× 9.0B4 38.75 1.15
H120× 70× 10.5B3 23.59 H120× 70× 10.5B4 19.66 1.20
H70× 120× 10.5B3 37.86 H70× 120× 10.5B4 33.00 1.15

Theofanous et al. (2009) summarized many previous
studies (Lay & Galambos, 1965; Lay & Galambos,
1967; Kuhlmann, 1989) and drew the conclusion that
the moment gradient has a more pronounced effect for
stocky sections.

4 COMPARISON OF TEST STRENGTHSWITH
DESIGN STRENGTHS

The experimental ultimate bending moments (Mexp,u)
obtained from this study and previous studies are com-
pared with the nominal flexural design strengths pre-
dicted by the American (AA, 2010), Australian/New
Zealand (AS/NZS, 1997) and European (EC9, 2007)
specifications for aluminium structures, as shown in
Tables 4–5 and Figures 8–9. In addition, the flexu-
ral design strengths (Mcsm) calculated from the CSM
(Gardner et al., 2011) are also compared with the
experimental ultimate bending moments. Overall, the
experimental bending moments are 25% and 30%
higher than the nominal flexural strengths (MAS/NZS )
predicted by the AS/NZS (1997) for the three-point
bending and four-point bending, respectively, which
are higher than the AA (2010), EC9 (2007) and the
CSM predictions. The stocky sections with low b/t
values were not well predicted, owing to the neglect-
ing of the strain hardening.Moen et al. (1999) reported
in their study that “EC9 is unable to account for the

Figure 6. Three-point bending test specimen H95×
50× 10.5B3.

Figure 7. Four-point bending test specimen H95×
50× 10.5B4.
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Table 4. Comparison between the three-point bending test
results and design capacities predicted by different methods

Specimen b/t

Mexp,u

Mcsm

Mexp,u

MAA

Mexp,u

MAS/NZS

Mexp,u

MEC9

H70× 55× 4.2B3 11.5 1.13 1.31 1.42 1.20
H55× 70× 4.2B3 15.1 1.37 1.58 1.77 1.45
H95× 50× 10.5B3 2.8 1.18 1.52 1.61 1.24
H50× 95× 10.5B3 7.2 1.24 1.46 1.73 1.29
H64× 64× 3.0B3 20.1 1.11 1.18 1.29 1.29
H120× 120× 9.0B3 11.5 1.16 1.32 1.45 1.20
H120× 70× 10.5B3 4.8 1.17 1.42 1.52 1.22
H70× 120× 10.5B3 9.7 1.25 1.45 1.68 1.30
H70× 55× 4.2B3-R 11.5 1.14 1.33 1.44 1.21
H50× 95× 10.5B3-R 7.2 1.22 1.44 1.70 1.27
H64× 64× 3.0B3-R 20.5 1.18 1.25 1.37 1.37
Q1-1m-1# 15.0 0.96 1.06 1.16 1.16
Q1-1m-2# 15.0 0.96 1.06 1.16 1.16
Q1-2m-1# 15.0 0.94 1.03 1.13 1.13
Q1-2m-3# 15.0 0.95 1.04 1.14 1.14
Q2-1m-1# 14.9 1.08 1.25 1.37 1.15
Q2-1m-2# 14.9 1.07 1.24 1.36 1.14
Q2-2m-1# 14.9 1.04 1.20 1.32 1.11
Q2-2m-2# 14.9 1.07 1.24 1.36 1.14
Q3-1m-1# 32.8 0.98 1.01 1.06 1.13
Q3-1m-2# 32.8 0.96 0.99 1.04 1.11
Q3-2m-1# 32.8 0.95 0.98 1.03 1.10
Q3-2m-3# 32.8 1.00 1.03 1.08 1.15
Q4-2m-1# 14.8 0.99 1.09 1.20 1.20
Q4-2m-2# 14.8 0.96 1.06 1.16 1.16
R1-1m-1# 46.7 0.91 0.85 0.94 1.00
R1-2m-1# 46.7 0.91 0.85 0.94 1.00
R1-2m-2# 46.7 0.91 0.85 0.94 1.00
R1-3m-1# 46.7 0.86 0.80 0.88 0.94
R1-3m-2# 46.7 0.85 0.79 0.87 0.93
R2-1m-1# 32.1 0.97 1.02 1.11 1.15
R2-1m-2# 32.1 0.97 1.02 1.11 1.15
R2-2m-1# 32.1 0.96 1.01 1.10 1.14
R2-2m-2# 32.1 0.98 1.04 1.13 1.17
R2-3m-1# 32.1 1.01 1.07 1.16 1.20
R2-3m-2# 32.1 1.00 1.06 1.15 1.19

Mean 1.04 1.14 1.25 1.16
COV 0.118 0.183 0.198 0.092

# Test results from Moen et al. (1999)

increased rotational capacity resulting from increased
strain hardening”. De Matteis et al. (2001) demon-
strated that EC9 has not considered “the hardening of
the material” and “the moment gradient in the beam”;
moreover, “no provision is made for the influence of
plastic anisotropy that may be exhibited by aluminium
alloys”.
Three-point and four-point bending configurations

produced different flexural moment capacities. In the
case of three-point bending, the mean values of the
moment ratioMexp,u/MAA andMexp,u/MAS/NZS are 1.14
and 1.25, with the corresponding Coefficients ofVari-
ation (COV) of 0.183 and 0.198 respectively, while
Mexp,u/MEC9 has the mean value of 1.16 and a cor-
responding COV of 0.092. In the case of four-point
bending, themean values ofmoment ratioMexp,u/MAA,
Mexp,u/MAS/NZS and Mexp,u/MEC9 are 1.19, 1.30 and
1.15, with the corresponding COVs of 0.129, 0.159
and 0.093, respectively. In both cases, EC9 (2007)

Table 5. Comparison between the four-point bending test
results and design capacities predicted by different methods.

Specimen b/t

Mexp,u

Mcsm

Mexp,u

MAA

Mexp,u

MAS/NZS

Mexp,u

MEC9

H70× 55× 4.2B4 11.4 1.14 1.31 1.43 1.20
H55× 70× 4.2B4 15.1 1.31 1.51 1.69 1.39
H95× 50× 10.5B4 2.8 1.01 1.30 1.38 1.06
H50× 95× 10.5B4 7.1 1.05 1.25 1.48 1.10
H64× 64× 3.0B4 20.4 0.98 1.04 1.14 1.14
H120× 120× 9.0B4 11.5 1.01 1.15 1.26 1.04
H120× 70× 10.5B4 4.7 0.96 1.17 1.25 1.01
H70× 120× 10.5B4 9.6 1.08 1.26 1.46 1.13
H64× 64× 3.0B4-R 20.3 0.98 1.04 1.14 1.14
H70× 55× 4.2B4-R 11.4 1.16 1.35 1.46 1.23
H55× 70× 4.2B4-R 15.1 1.23 1.41 1.58 1.29
S1-PB# 37.1 1.23+ 1.17 1.16 1.23
R1-PB# 31.4 1.18+ 1.30 1.32 1.18
R2-PB# 13.1 0.89 1.13 1.21 1.24
R2-PB## 13.1 0.87 1.11 1.18 1.22
H32× 32× 2* 14.5 1.02 1.16 1.27 1.07
H40× 40× 5* 6.2 0.99 1.21 1.34 1.06
H50× 50× 2* 24.0 1.04 1.00 1.07 1.11
H50× 50× 3* 14.3 1.00 1.10 1.20 1.01
H65× 65× 3* 19.4 1.04 1.12 1.22 1.23
H76× 76× 3* 22.5 0.99 1.00 1.09 1.09
H90× 90× 2* 48.4 0.98+ 0.97 0.99 0.98
H100× 100× 2* 42.2 1.11+ 1.07 1.09 1.11
H110× 110× 3* 33.7 1.11+ 1.04 1.06 1.11
H153× 153× 3* 43.7 1.00+ 0.95 0.97 1.00
N-1000-P-2ˆ 20.7 1.07 1.43 1.65 1.31
N-1000-P-3ˆ 20.7 1.09 1.46 1.68 1.34
N-2000-P-1ˆ 20.7 0.96 1.29 1.48 1.18
N-2000-P-2ˆ 20.7 0.98 1.32 1.52 1.21

Mean 1.04 1.19 1.30 1.15
COV 0.096 0.129 0.159 0.093

# Test results from Zhu &Young (2006).
∗ Test results from Zhu &Young (2009).
ˆ Test results from Lai & Nethercot (1992).
+Calculated by Effective Thickness Method in EC9, and not
included in the mean and COV values.

provides better agreement with the test results and a
smaller scatter of the predictions. The comparison of
the CSM with the results of simply supported beam
tests shows a mean value of 1.04 for both three-point
bending and four-point bending, with COVs of 0.118
and 0.096, respectively. Clearly, the CSM provides a
more accurate prediction of the bending capacity. In
the calculation of Mcsm, the cross-section slenderness
λp (λp) was determined according to Seif & Schafer
(2010) that considers element interaction. The strain
hardening slope (Esh) was determined from the coupon
test results using the 0.2% (σ 0.2) and 1% (σ 1.0) proof
stresses for the data obtained in this study, while the
Esh is assumed to be E/100 (EC3, 2006) for the data
obtained from other researchers.
The predictions of all three specifications were

more conservative for the stocky sections, as shown
in Tables 4 and 5. The explanation is linked directly
to the strain hardening characteristics of the material,
which are effectively harnessed by the CSM.
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Figure 8. Comparison between the three-point bending test
results and design strengths.

Figure 9. Comparison between the four-point bending test
results and design strengths.

5 CONCLUSIONS

A series of experiments on aluminium alloy 6061-T6
hollow section beams, consisting of 22 three-point
bending and four-point bending tests has been pre-
sented. The specimens were non-slender sections with
mostly class 1 sections according to Eurocode 9 (EC9,
2007). This experimental program aims to assess the
accuracy of the Continuous Strength Method (CSM)
and three international design specifications: the
American Aluminum Design Manual (AA, 2010), the
Australian/New Zealand Standards (AS/NZS, 1997)
and Eurocode 9 (EC9, 2007), onmoment capacity pre-
diction of simply supported beams. Furthermore, 25
three-point bending tests and 18 four-point bending
tests of both slender and non-slender hollow sections
conducted by other researchers were also used in this
investigation. The results generally revealed that the
three current design specifications have underesti-
mated the bending moment capacity of the hollow
sections, especially for stocky sections. The stocky
section specimens achieved flexural moment capac-
ities markedly beyond the design capacities. The cur-
rent specifications are unable to exploit the strain

hardening of aluminium alloys rationally. The CSM
provides much better performance and increases the
bending capacity prediction accuracy as much as 26%
compared to the three specifications. Strain harden-
ing has been observed at large plastic strains during
the experiments in this study. The on-going research
by the authors is to evaluate the significance of strain
hardening in aluminium alloy stocky sections and to
utilize it in developing new design guidelines.
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ABSTRACT: In the present paper, a type of hybrid tubes made of steel tubes and filled with closed-cell
aluminium foamwas investigated. Dynamic three-point bending tests were conducted on both hollow and hybrid
steel tubes using a Drop Hammer. The effects of the length of foam insert and impact velocity (or drop height
of indenter) on the deformation mode and energy absorption of hybrid tubes were investigated. Results showed
that the energy absorption of the steel tubes was higher with foam inserts than without, and the overall bending
of the tubes decreased. For the range of experimental conditions studied, it was found that the effect of the foam
insert’s length on specific energy was more significant than that of impact velocity. This was clearly related to
changes in local deformation of the tube area enclosing the foam insert and in contact with the indenter.

Keywords: aluminium foam, steel tube, deformation behaviour, dynamic three point bending, energy absorption

1 INTRODUCTION

Tubular structures are popularly used in automotive,
civil (building and construction), aerospace, aircraft
and marine industries. Hollow tubes with square or
circular cross sections have been studied comprehen-
sively (Stronge 1993, Wierzbicki et al. 1994a, b, Kim
& Reid 2001, Lu & Yu 2003, Hilditch et al. 2009).
Hybrid tubes made of two or more appropriate materi-
als can offer the distinguishing advantage of having
increased high strength to weight ratio. They may
replace the traditional hollow tubes to reduce weight
without compromising mechanical performance.
Aluminium foam, as a novel cellular material, has

been developed with the advantages of being light
weight, recyclable, non-flammable, and having sig-
nificant capability for energy absorption (Gibson &
Ashby 1997, Ruan et al. 2002, 2007, Shen et al. 2010).
The cellular structure endows it with the ability to
undergo large plastic deformation at nearly constant
and relatively low stress, and thus can dissipate con-
siderable energy before collapsing to a more stable
configuration or fracture. It is widely used as a core
material for hybrid structures to absorb energy during
impact.
One application of tubular structures in automo-

tive industry is the intrusion beam in vehicles, which

is expected to carry load and absorb impact energy
in vehicle crash. In such application, the intrusion
beam is subjected to a point load and bent. Hanssen
et al. (2000) studied the bending of square tubes filled
with aluminium foams. Santosa & Wierzbicki (1999)
and Santosa et al. (2000, 2001) conducted experi-
ments and numerical simulation to study the effect
of foam insert on the bending of prismatic columns.
Recently, circular hybrid tubes have also been stud-
ied. Kinoshita et al. (2010) conducted experiments
and finite element simulation of hybrid circular tubes
made of aluminium tubes and closed-cell aluminium
foamsubjected to three-point bending.They found that
foam insert improved the specific energy and changed
the deformation mode of tubes. Guo & Yu (2011)
studied the dynamic three- point bending response of
circular double aluminium tubes filledwith closed-cell
aluminiumfoam.Their structure demonstrated a stead-
ier load carrying capacity and much efficient energy
absorption.
In this paper, dynamic three-point bending tests are

conducted on circular hollow and hybrid steel tubes
with foam inserts using a Drop Hammer. The effects
of impact velocity and length of foam insert on the
energy absorption and deformation mode of hybrid
tubes are investigated.
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Table 1. Specimen information.

Mass of Mass of Foam Drop
Specimen hollow tube foam insert length height
No. (g) (g) (mm) (m)

1 664.7 0 0 1.5
2 651.0 0 0 1.5
3 697.1 24.4 50 1.5
4 677.4 24.6 50 1.5
5 695.1 33.7 75 1.5
6 707.1 33.8 75 1.5
7 723.9 47.8 100 1.5
8 717.5 48.2 100 1.5
9 654.0 0 0 2
10 667.0 0 0 2
11 693.0 24.7 50 2
12* 510.1 23.9 50 2
13 709.9 33.6 75 2
14 697.4 33.9 75 2
15 719.5 47.9 100 2
16 715.0 47.4 100 2
17 666.7 0 0 2.5
18 660.0 0 0 2.5
19 671.4 24.3 50 2.5
20 696.1 24.1 50 2.5
21 720.3 47.3 100 2.5
22 721.3 47.6 100 2.5

*The specimen has a wall thickness of 1.2mm.

2 EXPERIMENTS

2.1 Specimens

Hollow mild steel (BST21) tubes with an outer diam-
eter of 50mm and length of 360mm were used in the
experiments. Most tube specimens had a wall thick-
ness of 1.6mm, except for one case (specimens 12 in
Table 1) whose wall thickness was 1.2mm. Hybrid
tubes were filled with ALPORAS closed-cell alu-
minium foam.Theses foam inserts were wire-cut from
a big foam block into cylinders (Fig. 1) of 36.2mm
diameter and with various lengths of 50mm, 75 mm
and 100mm. Although the big foam block had a
nominal density of 9%, the actual relative density
of individual foam insert might be different. There-
fore, each individual foam insert was measured and
weighed. The measured mass of hollow tubes and
foam inserts is listed in Table 1. The foam insert was
placed into the middle part of the hollow tube without
applying any adhesive.

2.2 Material property testing

The compressive stress-strain curves of the same batch
ofALPORAS aluminium foamwere comprehensively
studied by Xu et al. (2010). Thus no additional com-
pressive test on this type of foam was conducted in
the current study. Results from Xu et al.(2010) were
employed here. In summary, this type of foam with a
nominal density of 9% has a plateau stress of 2.3MPa
and densification strain of 0.5.

Figure 1. A photograph of a cylindrical aluminium foam
insert.

Figure 2. The measured load-deflection curves in lateral
compressive tests of short steel tubes.

Steel tubes used in the current study have an outer
diameter of 50mm. It is very difficult to cut traditional
flat or slightly curved dog-bone specimens from those
tubes in order to conduct standard tensile test. Thus
the method proposed by Rathnaweera et al. (2011),
i.e. lateral compression of tubes, was employed in the
present study to estimate the mechanical properties
of tubes. Three short tubes with a length of 60mm
were cut from steel tubes and compressed laterally
by using MTS machine. Load-deflection curves were
recorded and are shown in Figure 2. It can be seen that
the results of the three repeated tests are very similar.
Thus an average curve was used to inversely derive the
mechanical properties of the steel which the tubes are
made of. The calculated Young’s modulus and yield
strength of tubular material are 200 GPa and 295MPa
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Figure 3. Experimental set-up: V-shaped supports, a speci-
men and the cylindrical indenter.

respectively. The work-hardening can be described by
a power law, σ= kεn, where and are stress and strain, k
and n are constants and are calculated from the above
measured force-displacement curves. For the tubular
material, k = 358.7MPa and n= 0.03.

2.3 Three-point bending testing

A Drop Hammer was employed to conduct dynamic
three-point bending tests on the above hollow and
hybrid tubes. Tubes were placed on two rigidV-shaped
supports (Fig. 3). The distance between these two
supports was 260mm. A cylindrical indenter with a
diameter of 20mm was attached to the upper carriage
and was lifted up to various heights, 1.5m, 2m and
2.5vm, respectively, and then released to drop freely.
The total mass of the indenter and upper carriage was
22.6 kg.A Kistler load cell (model 9801A) was placed
under the supports to measure the force.An laser opti-
cal displacement measurement device (Opto NCDT
1607) was employed to measure the displacement of
the indenter. Two repeated tests were conducted per
condition except for one for which the drop height
was 2m and foam insert length was 50mm (speci-
mens 11 and 12 who had different wall thickness, 1.6
mm and 1.2mm, respectively). Details of the various
specimens and test conditions are given in Table 1.

3 RESULTSAND DISCUSSIONS

3.1 Force-displacement curves

Measured force-displacement curves were plotted in
Figures 4(a)–(k). Each figure except Figure 4(e) shows
two repeated test results per condition (the same foam
insert length and drop height). Since the mass for
each individual tube was different, there was some
difference in force-displacement curve between two
repeated tests. However, the discrepancy is acceptable.
In Figure 4(e), specimen 12 has a wall thickness

of 1.2mm, thinner than that of specimen 11. Thus the

Figure 4. Three-point bending: Force-displacement curves.
(Cont. on next page.)

force level is much lower. However since themass falls
from the same height (i.e. total input energy is the
same), the travel distance of the indenter, i.e. intender
displacement, is larger.
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Figure 4. Continued.
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Table 2. Energy absorbed by hollow and hybrid tubes.

Total mass of
tube and Impact Energy Specific

Specimen foam core velocity absorbed energy
No. (g) (m/s) (J) (J/kg)

1 664.7 5.4 227.6 342
2 651.0 5.4 264.9 407
3 721.5 5.4 292.1 405
4 702.0 5.4 293.3 418
5 728.8 5.4 282.4 387
6 740.9 5.4 299.7 405
7 771.7 5.4 299.7 388
8 765.7 5.4 302.1 395
9 654.0 6.3 235.2 360
10 667.0 6.3 203.7 305
11 717.7 6.3 290.0 404
12* 534.0 6.3 169.2 317
13 743.5 6.3 324.2 436
14 731.3 6.3 280.9 384
15 767.4 6.3 312.4 407
16 762.4 6.3 311.6 409
17 666.7 7.0 205.2 308
18 660.0 7.0 229.5 348
19 695.7 7.0 258.6 372
20 720.2 7.0 297.9 414
21 767.6 7.0 304.8 397
22 768.9 7.0 318.0 414

When the input energy is sufficient, the force-
displacement curves (Figs. 4b, c and curve for
specimen 12 in 4e) are similar to those in quasi-static
tests. However, when the input energy is not enough
due to either low drop height (Figs. 4a, d, g and i) or
tubes are strong with foam inserts (Figs. 4e for spec-
imen 11, f, h, j and k), the indenter displacement is
short due to less input energy.

3.2 Energy absorption

Total energy absorbed by tubes was calculated as the
area under the force-displacement curve up to the
indenter displacement of 26mm, which was the min-
imum displacement in all tests. Specific energy was
defined as the ratio of energy absorbed to the total
mass of tube and foam insert. Data of energy absorbed
and specific energy for each specimen are listed in
Table 2.
In order to study the effects of drop height or impact

velocity and the length of foam insert, the specific
energy was plotted against impact velocity and length
of foam insert in Figures 5(a) and (b) respectively.

Impact velocity was calculated by v= √
2gh, where

v, g and h are impact velocity, gravity acceleration and
drop height respectively.
Since the impact velocity only varied slightly, from

5.4m/s to 7.0m/s, in the tests conducted, the specific
energy did not change with impact velocity (Fig. 5a)
in this velocity range.
On the other hand, the specific energy increased

slightly with the length of foam insert, as shown in

Figure 5. Specific energy vs : (a) impact velocity; (b) length
of foam insert.

Figure 5(b). In order to quantify the effect of length of
foam insert, the average specific energywas calculated
by taking the average of specific energy for hollow
tubes or hybrid tubes with the same length of foam
insert. For example, the average specific energy for
hollow tubes was the average specific energy of speci-
mens 1, 2, 9, 10, 17 and 18. In turn, the average specific
energy for hybrid tubes with 50mm long foam insert
was the average specific energy of specimens 3, 4, 11,
12, 19 and 20. The average specific energy for hollow
tubes, hybrid tubes with 50mm, 75mm and 100mm
long foam inserts are 345 J/kg, 388 J/kg, 403 J/kg and
401 J/kg, respectively. The contribution of foam insert
is 13% for 50mm long foam inserts, 17% for 75mm
and 100mm long foam inserts respectively. For the
hybrid tubes tested, foam inserts with a length of 75
mm performed the best in terms of specific energy.
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Figure 6. The deformation of tubes when the carriage
dropped from 2.0m. From the front to back: specimens 15,
13, 11 and 9 with foam insert length of 100mm, 75mm,
50mm and 0 respectively.

Figure 7. The interior of tubes after tests. From front to
back: a hollow tube (specimen 9), hybrid tubes with 50mm
and 75mm long foam inserts (specimens 11 and 13).

3.3 Deformation modes

Figure 6 shows a photograph taken after testing of a
hollow tube and hybrid tubes with foam insert length
of 50mm, 75mm and 100mm respectively. In order to
have a clear view of the deformation of both the tube
and foam insert, specimens 9, 11 and 13 were cut in
half and a photograph is shown in Figure 7. It can be
seen that the deformation of hollow and hybrid tubes
is similar with respect to the formation of a plastic
hinge and tube bending behaviour. However, Figures 6
and 7 clearly show that the macro deflection or overall
bending of the specimens was greatest for the hollow
tubes and was significantly reduced with the addition
of the foam inserts. This can be related to changes in
the formation of the plastic hinge. The deformation
of foam insert happens locally in the area under the
indenter. The shorter the foam insert, the greater the
deformation in both tube and foam insert. No apparent
crack was observed in all steel tubes. In the hybrid
tubes that were cut after tests, no crack was observed
in foams as well. However, since not all hybrid tubes
were cut, it is still unknown whether there was any
crack in foam cores.
At the mid span of tubes, tubes are flattened, i.e.

they are compressed in the vertical (drop height)
direction while expanding in the horizontal (lateral)
direction. The deformation of foam insert, i.e. the dis-
tance between the top and bottom surfaces of a tube
(shown as d1 in Fig. 8a) was measured and values are
listed inTable 3 for each specimen except specimen 12

Figure 8. Deformation of a hybrid tube (specimen 11):
(a) d1; (b) d2.

Table 3. Deformation of tubes.

Specimen Foam length Drop height d1 d2
No. (mm) (m) (mm) (mm)

1 0 1.5 31.3 64.6
2 0 1.5 38.5 66.5
3 50 1.5 34.9 57.8
4 50 1.5 36 58.9
5 75 1.5 36.4 58.9
6 75 1.5 35 60
7 100 1.5 38.3 57.5
8 100 1.5 37.8 57.4
9 0 2 22.7 70.5
10 0 2 19.8 72.3
11 50 2 29.8 64
12* 50 2 – –
13 75 2 35 61.1
14 75 2 28.9 65.6
15 100 2 33.2 62.0
16 100 2 32.8 62.5
17 0 2.5 10.9 76
18 0 2.5 13.1 75.0
19 50 2.5 16.0 69.4
20 50 2.5 27.0 67.0
21 100 2.5 29.0 66.6
22 100 2.5 31.0 66.0

for which there is no record. The width of a tube at the
mid-span after test, i.e. d2 shown in Figure 8(b), was
alsomeasured and data are given inTable 3.The effects
of the foam insert length and carriage drop height on d1
and d2 are shown in Figures 9(a) and (b) respectively.
Overall, the higher the drop height and the shorter the
foam insert, the smaller the d1 and the larger the d2.

4 CONCLUSIONS

Dynamic three-point bending tests were conducted
by using a drop hammer on steel hollow and hybrid
tubes filled with aluminum foam inserts. The carriage
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Figure 9. The measurement deformation: (a) d1 vs. foam
insert length; (b) d2 vs. foam insert length.

dropped from 1.5m, 2m and 2.5m respectively. Three
different lengths of foam inserts, 50mm, 75mm and
100mm were employed.
It has been found that the specific energy does not

change with the drop height or impact velocity within
the present range of tests conditions, saying 1.5m
(corresponding to impact velocity of 5.4m/s) to 2.5m
(corresponding to impact velocity of 7.0m/s).
On the other hand, hybrid tubes with foam insert

length of 75mm performed the best in terms of spe-
cific energy. Thus the optimal length of foam insert is
75mm in this study.
The deformation of hollow and hybrid tubes was

similar, while the hybrid tubes deformed less due to the
contribution of foam inserts. The local compression of
foam inserts in the area under the indenter aided the
dissipation of energy, thereby decreasing the extent of
the plastic hinge and related bending of the steel tubes.
The shorter the foam insert, the greater the deformation
in both tube and foam insert.

In order to obtain larger displacement in hybrid
tubes, larger input energy is required. This can be
achieved by increasing the drop height or the weight
of the carriage, which is expected to be conducted in
the near future.
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ABSTRACT: This paper presents a theoretical analysis for aluminum tubes filledwith aluminum foamdeform-
ing in a kink collapse mode under large deformation bending and indentation. The local indentation of a tube by
an indenter is a generic problem that arsis in many areas of structural mechanics and in safety considerations in
applications such as vehicle safety and accident research. The classical beam on elastic foundation model was
modified to predict the critical buckling stress which was compared to the classical elastic stress for the empty
tube to quantify the effect of the foam. A closed form solution was obtained for the critical elastic buckling
stress. During deep collapse of the tube, the fold formation process was such that the shell curvature flattened on
the compression side transforming into two large flat triangles attached to each other. The collapse proceeded
progressively by folding about the base and sides of these triangles. An expression for the plastic collapse load
was obtained by equating the total energy absorbed in bending and flattening to the external work carried out by
the indenter during deformation of the tube.A good agreement was found between the predicted load-deflection
curves and those obtained from recent experiments carried out by the second author which were published
elsewhere.

1 INTRODUCTION

The local indentation of a tube by an indenter is a
generic problem that arsis in many areas of structural
mechanics and in safety considerations in applications
such as vehicle safety and accident research. Previ-
ous research was performed to theoretically derive the
load-deflection responseof empty tubes under bending
and denting being an important loading condition for
offshore structures subjected to ship collision. How-
ever, little theories were devoted to study foam-filled
tubes under such loading condition.
In regards to empty hollow tubes subjected to

combined denting and bending, Thomas et al (1976)
studied the behaviour of aluminium and mild steel
circular hollow tubes under 3-point bending with a
wedge-shaped indenter with the aim of determining
the residual strength of these tubes when subjected to
indentation and bending. They derived an expression
for the ultimate strength as a function in the distorted
section dimensions. Wierzbicki and Suh (1988) pre-
dicted the collapse response of a dented CHS using
the principle of virtual velocities for the case of com-
bined bending, axial force and lateral indentation.
Mamalis et al (1989) presented an expression for
the mean collapse moment of a cantilevered short,

thick-walled tubes.They developed a kinematic model
where the section distortion was modelled using a
two-hinge mechanism. In their tests, an end plug
was inserted inside the tube to control the mode
of collapse. Therefore, ovaling of the tube was not
permitted. Reid and Goudie (1989) determined the
capacity of a dented CHS under bending, which is
often found in an offshore structure where there is
a risk of collision. Wierzbicki and Sinmao (1997)
developed a closed-form relationship for the full
moment-curvature response of a circular tube using a
four-hinge mechanism to model ovalisation for very
large deformations. Zeinoddini et al (2000) modi-
fied the four-hinge mechanism to study dented CHS
under lateral concentrated loads. Zeinoddini et al’s
results showed that the modified four-hinge model is
more compatible with the experimental results when
compared to the two-hinge model. In this paper, the
models by Reid and Goudie (1989), and Wierzbicki
and Suh (1988) will be modified to model the
response of the foam-filled tube under indentation and
bending.
In regards to foam-filled tubes subjected to axial

crushing, a number of studies were devoted to pre-
dict the energy absorption for crashworthiness struc-
tures, such as: Abramowicz and Wierzbicki (1988),
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Lampinen, and Jeryan (1982), Reddy and Wall
(1988), Reid et al (1986a). Reid and Reddy (1986b),
Thornton, and Amberger (1987), Pokharel and
Mahendran (2003), Pokharel and Mahendran (2004),
Zarei, H. R. and M. Kroger (2008). Sironic (2002)
performed elastic analysis using beam on elastic foun-
dation model and applied Airy Stress Functions to
simulate the deformations and to predict the elastic
buckling stress of a square tube filled with foam.
In regards to foam-filled tubes subjected to com-

bined denting and bending, finite element analyses
were performed by Kinoshita et al (2010) for cir-
cular tubes and Zarei and Kroger (2008) for square
tubes where the predicted and measured responses are
in good agreement. This paper attempts to provide
closed-form solution for the full response of foam-
filled tubes subjected to bending and denting. The
predicted load-deflection curves were compared with
those obtained from careful experiments carried out
by the second author which were recently published
elsewhere.

2 ELASTIC AND INELASTIC BUCKLING

In the following, the well-known beam-on-elastic
foundation theory (Timoshenko and Gere 1961) will
be used to derive the critical buckling stress of foam-
filled circular tube under pure bending. Consider a
perfectly straight elastic thin-walled foam-filled tube
beam under pure bending, of length L and of con-
stant cross section subjected to a pure bendingmoment
(Fig. 1). At the critical buckling moment (Mcr), the
tube will form buckling waves which can be modeled
as shown in Figure 1. Small in-extensional deforma-
tions and linear elastic material response are assumed.
Thus the out of plane deflections (w) of one element
such as AB can be represented in the case of sim-
ply supported edges, by the general sinusoidal double
series as

Figure 1. Foam-filled circular tube under bending.

where a1 is the maximum amplitude of displacement,
and x andy are the rectangular coordinates.The change
in strain energy due to bending of one buckle is

The change in strain energy due to elastic foundation
(Timoshenko and Gere 1961):
The change in strain energy due to elastic founda-

tion is:

The axial shortening of a typical buckle can be
assumed as the difference between its original length
( l) and its length after deformation. Integrating over
one buckle, we obtain the change in the work done by
the axial force P as:

Equating the work done given in Equation 3 to the
total strain energy given in Equations 2 and 3, the dis-
placement amplitude a1 will cancel out, and hence the
critical compressive force per unit length (across the
hoop) at the extreme fibbers (P) and its corresponding
critical buckling stress (σcr = P/t) are:

The critical buckling half-wave length is given by
Elchalakani (2003) as:

After substituting Equation 7 into Equation 6 and
ignoring the second term in the latter equation, the
final approximate form of the elastic buckling stress
can be obtained as:
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In the case of inelastic buckling, the inelastic
modulus

√
ElEh is often used to replace the elastic

modulus (El),thus the inelastic buckling stress and
corresponding moment can be written as:

The critical buckling stress given in Equation 8 is

σcr = 2
√
3σb where σb is the classical buckling stress

of an empty tube under pure bending (Elchalakani
2003). In the experiment on 40mmx1.6mm foam-
filled tube, the buckling stresses were not measured
as the buckling spot was located immediately under
the load (Kinoshita etal 2010). Therefore it is diffi-
cult to compare the theoretical and measured critical
stresses.

3 THE LOAD-DEFLECTION CURVE

3.1 Elastic-plastic curve (denting and bending)

The model adopted by Wierzbicki and Suh (1988)
will be followed very closely in the following analysis
except for the foam effect. For a simply supported tube
(Fig 2) subjected to bending and indentation, a veloc-
ity field approach can be used to derive an expression
for the rate of change in the time domain of the total
internal energy consumed in (i) laterally crushing the
tube, (ii) bending the generators and (iii) crushing the
foam, thus the total internal energy is:

The crushing energy is made of two-parts, the flat-
tening of the section and bending about true hinge lines
(for complete notation seeWierzbicki and Suh 1988):

where N0 = σyt, and M0 = σyt2/4

The external energy is equal to the rate of change
in the external energy and equal to the product of the

applied load and the rate of change in the central lateral
indentation

Within the foam filled zone identified by ζf , the
vertical deformation and foam stiffness take the form:

Note, ζ is the extent of the plastic hinge as shown in
Figure 2(b), whereas ζf is the extent of the foam along

Figure 2. Plastic mechanism of the tube.
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the tube (Fig 2c). This energy consumed in deforming
the foam can be simplified using Equation 16 to:

Where Kf is the reduced average stiffness of the
foam obtained from the stress strain curve of the foam.
The rising curve ends at δ=R where the strain in the
foam at mid-span will be ε= 50%. The foam stiffness
is given as the plane strain elasticmodulus at 50%axial
strain level. From the measured stress-strain curves on
the aluminum foam type “D” (Kinoshita etal 2010) a
reduced average value of E50,av30.77MPa was used in
the analysis. The external energy is equal to the rate
of the change in the internal energy and equal to the
product of the applied load and rate of change in the
central lateral indentation

Equating the external energy given in Equation 19
to the internal energy given by Equation 11, the inden-
tation rate (δ̇) will cancel out and an expression for the
load – deflection curve could be obtained as:

3.2 Structural collapse curve

It was observed during the test that at deep collapse of
the tube, the fold formation process was such that the
shell curvature flattenedon the compression side trans-
forming into two large flat triangles attached to each
other (Fig 2c). The collapse proceeded progressively
by folding about the base and sides of these trian-
gles. The structural collapse curves can be obtained by
integrating the fully plastic stress distribution shown
in Figure 2 over the distorted section identified by
the radius R′ (Elchalakani 2003). The collapse load
can be obtained as (note for simply supported beam
P= 4M/L).

where all the terms are defined as:

M ′
p and Mpf are the plastic moment capacities of

the tube and foam respectively located in the distorted
region identified by the radius R′ and subjected to
the stress distribution shown in Figure 2. It is worth
noting that the portion of the foam located below the
neutral axis that is subjected to tensile stresses was
ignored in the determination of Mpf . σy(=225MPa)
and σyf (=2.0MPa) are the measured yield stresses of
the tube and the foam respectively. For the foam σyf
was assumed as the stress in the foam at 50% strain
from the measured stress-strain curve (Kinoshita et
al 2010). D is the average diameter of the tube and
t is the thickness of the tube. A closed-form expres-
sion can be derived of if the mechanism angles φ0
and φ′

0 can be determined. Therefore, empirical equa-
tions based on extensivemeasurements of emptymetal
tubes subjected to bending (Elchalakani et al 2002a,b)
will be used to obtain a simple relationship between φ′

0

and the bending angle θ (φ= √
2θ and φ′

0 = 1.65φ0).
For the foam-filled tubes similar expressions are used
except for (φ′

0 = 1.14φ0) as the collapse of such tubes
was less rapid compared to the empty ones. The tubes
are subjected to the combined effect of shear and
bending, therefore the reduced moment (M ′

p = My =
πD2t) will be used instead of the full moment
Mp (Mp = σyD2t). Accurate determination of M ′

p is

required in the future.

4 RESULTS OF THEANALYSIS

An example for the elastic-plastic (denting-bending)
curve for empty and foam– filled tubes given byEqua-
tion 20 and the collapse curve (Equation 21) are shown
in Figure 3 where the gains in strength and stiffness
are clearly shown for a circular tube 40x1.6 due to
foam filling. Note, in Equation 20, for empty tube the
foam stiffness is Kf = 0. The Aluminum tube is grade
AA6060T5 filledwithAluminumfoam type “D”grade
ALPORAS with a relative density of 8.2%. Figure 4
shows the tube during and after testing as well as a
close up on the aluminum foam insert (Kinoshita etal.
2010).
The tube was partially filled with the foam

with a longitudinal distance of ζf = 50mm (see
Fig 2). The denting-bending curve is shown up to
δ=R= 19.2mmand the collapse curve is shown up to
the end of experiment. It is worth noting that the peak
load in the test for the foam-filled tube was larger than
the corresponding one for an empty tube.This could be
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Figure 3. Load-deflection curve for empty and foam
filled tubes 40× 1.6 partially filled with aluminum foam
(ζf = 50mm).

Figure 4. Testing of aluminum tubes 40mm× 1.6mm
partially filled with aluminum foam where ζf = 50ṁm.
Reprinted with permission from SAE paper 2010-01-0020
(c) 2010 SAE International.

explained by the fact that foam filling restricted buck-
ling in the inelastic range as was discussed in Section 2
where the inelastic buckling stress of the foam-filled
was found equal to times the empty tube’s buckling
stress.

It is seen that the slope andordinates of the predicted
collapse curves for both the empty and the foam-filled
tubes are in very good agreement with the measured
ones in the experiments. It is worth noting that the
predicted portion of the load-deflection curves in the
denting and bending phase are close to the measured
curves, but the slope of such curves are notwellmatch-
ing. Thus, more work is needed to theoretically model
the foam response in the elastic-plastic region.

5 CONCLUSIONS

This paper presents a theoretical analysis for Alu-
minum tubes filled with foam deforming in a kink
collapse mode under large deformation bending and
indentation. The classical beam on elastic foundation
model was modified to predict the critical buckling
stress which was compared to the classical stress for
the empty tube to quantify the effect of the foam.
During deep collapse of the tube, the fold formation
process was such that the shell curvature flattened on
the compression side transforming into two large flat
triangles attached to each other.
An expression for the plastic collapse load was

obtained by equating the total energy absorbed in
bending and flattening to the external work carried
out by the indenter during deformation of the tube.The
predicted load-deflection curves were compared with
those obtained from careful experiments carried out
by the second author which were recently published
elsewhere. It was found that the slope and ordinates of
the predicted collapse curves for both the empty and
the foam-filled tubes are in a good agreement with the
measured ones in the experiments.
It is worth noting that the predicted load-deflection

curve in the denting and bending phase is close to the
measured curve, but the slope of such curves are not
well matching particularly for the foam-filled tube.
Thus, more work is needed to accurately model the
foam response in the elastic-plastic region. More tests
are currently performed at Swinburne University to
further verify the present theory.
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Seismic response and damage limit of concrete filled steel tube frame
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ABSTRACT: Seismic response and damage of Concrete Filled steel Tube frame (CFT frame) under strong
ground motion are calculated. The damage ratios of cracking and local buckling of CFT column and H-section
beam, which are closely related to the collapse of CFT frame, are obtained in relation with the column-over-
design factor and the strength ratio of CFT column. On the basis of the calculated results, the damage limits of
CFT frame are investigated to prevent the local buckling and steel tube cracking of CFT column in relation with
the ultimate state design conditions which are the column-over-design factor of CFT frame, the strength ratio of
CFT column and the maximum velocity of input ground motion.

1 INTRODUCTION

It is well known that the concrete filled steel tube col-
umn (CFT column) is ductile and useful member as
earthquake resistant element. In some case, however,
CFT column fractures because of the cracking of steel
tube while under strong seismic load. This fracture
is brittle and predicted to be worked to collapse of
CFT frame. From this reason, seismic response col-
lapse and cracking damage of CFT frame, which is
composed of CFT columns andH-section beams, have
been investigated. Seismic response collapse of multi-
story CFT frame is closely related to the fracture of
structural members, especially to fracture of columns
(Saisho & Goto 2004, Goto & Saisho 2010). There-
fore, the restoring force characteristics and fracture
mechanism of CFT column caused from steel tube
cracking have been studied, and restoring force model
and fracture condition of it were obtained (Saisho &
Goto 2001).
According to the damages of recent severe earth-

quakes, H-section beams of multi-story steel frame
have cracked. From this reason, the cracking of H-
section beam that is connected with CFT column
of CFT frame should not be disregarded for both
the cracking of CFT column and the collapse of
CFT frame. Therefore, the cracking condition and the
damage ratio equation of H-section beam have been
proposed on the basis of the very low-cycle fatigue
failure (Goto 2010, Goto & Saisho 2010).
In this study, using these two cracking analysis

(cracking of CFT column and H-section beam), seis-
mic response and damage limit of CFT frame are
investigated in relation with the ultimate state design
conditions which are the column-over-design factor of
frame, the strength ratio of CFT column and the max-
imum velocity of input ground motion to prevent the
local buckling and cracking of CFT column subjected
to strong seismic load.

2 SEISMIC RESPONSEANALYSIS

2.1 Multi-story CFT frame model

In the dynamic collapse analysis of CFT frame, multi-
story plane frame is assumed to be composed of the
rigid panel zones of beam-column connection and the
axially elastic members with elastic-plastic hinges at
both ends as explained in Figure 1 (Saisho & Goto
2004). This assumption related to the rigid panel zone
can be satisfied in most real CFT frames because the
steel beam to CFT column moment connection has
large shear strength.Themass of frame is concentrated
in every panel zone and distributed uniformly in it.The
displacement of frame can be expressed only by the
rotation (θi, i: number of panel zone), the horizontal
displacement (ui) and the vertical displacement (wi)
of every rigid panel zone.
The viscous damping of frame is expressed by the

RayleighDamping inwhich the damping factors of the
first mode (h1) and the second mode (h2) are assumed
to be h1 = 0.02 and h2 = 0.02.

Figure 1. Multi-story CFT frame model for numerical
analysis.
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Figure 2. Restoring force models of CFT column.

2.2 Restoring force model of CFT column

The restoring force model of elastic-plastic hinge is
obtained on the basis of the dynamic loading tests
of CFT column (Saisho & Goto 2001). According to
the test results the non-dimensional restoring force
(M/Mu) of CFT column until the local buckling of
steel tube is approximated by the Tri-linear model
whose skeleton curve is explained in Figure 2(a).
After the local buckling of steel tube, it is expressed
by the Clough model (Clough & Johnston 1966) as
shown in Figure 2(b). The stiffness ratios at the plas-
tic range in Figures 2(a)–(b) are given as K1/K0 = 0.2,
K2/K0 = 0.001 which are approximated on the basis
of the test results (Saisho & Goto 2001). The restor-
ing force models mentioned above are defined by
the non-dimensional restoring force (M/Mu) in which
the ultimate bending strength (Mu) changes at every
moment by the varying axial force of CFT column.
Accordingly the restoring force model can simulate
the effect of varying axial force of CFT column. Mu
is obtained by the generalized superposed strength
method considering the confined effect (Saisho &
Goto 2001).

2.3 Cracking and local buckling
of CFT column

From the cyclic loading tests of CFT column it is
shown that the steel tube of CFT column cracks and
fractures as shown in Figure 3(a) when the accumu-
lated plastic strain of steel tube becomes to be equal to
the critical value (αεf ). From this result the cracking
condition of CFT column is expressed by Equation 1
(Saisho & Goto 2001).

where εT : the plastic tension strain of steel tube in
the tension stress side, εTC : the plastic tension strain
due to the local buckling deformation of steel tube in
the compression stress side. α (= −0.3ρ+ 5.0): con-
stant expressed by the strength ratio of filled concrete
to steel tube ρ (= σcAc/σuAs,Ac,As: sectional areas
of concrete and steel tube respectively, σc: compres-
sion strength of filled concrete, σu: tensile strength
of steel tube), εf : fracture elongation of steel tube,

Figure 3. Cracking and local buckling of CFT column.

�: summation of plastic strain under cyclic load. From
Equation 1, the cracking damage ratio of CFT column
(cDcr) is expressed by Equation 2.

As shown inEquation 1, the local buckling of steel tube
(Fig. 3(b)) is closely related to the steel tube cracking.
The local buckling condition is obtained on the basis of
the upper bound theorem of the limit analysis (Saisho
et al. 2004). The damage ratio of local buckling (cDlb)
is decided by the use of critical deformation (cδlb) that
corresponds to the CFT column deformation for the
steel tube to buckle locally.

where (cδPC − cδPT ) is the amplitude of plastic defor-
mation of CFT column. By the use of Equations 2–3,
the local buckling and the steel tube cracking in the
restoring force of CFT column mentioned above are
decided.

2.4 Restoring force model of H-section beam

The H-section beam of multi-story CFT frame is
also expressed by the axially elastic member with the
elastic-plastic hinges at both ends as shown in Fig-
ure 1. The restoring force of the elastic-plastic hinge is
decided by the Tri-linear model shown in Figure 4 in
which the restoring force characteristics are given by
the full plastic moment (Mp) and the ultimate bending
strength of H-section beam (bMu). The strain harden-
ing behavior of H-section beam affects the seismic
response and collapse of CFT frame under strong
ground motion. Accordingly the strain hardening of
H-section beam in the model can not be neglected. It
is given by the valueK1 which is obtained by assuming
H-section beam is approximated by two-flange section
member.

where y (= σy/σu) and u (= εu/εy) mean the yield
stress ratio and the ultimate tensile strain ratio
respectively.
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Figure 4. Restoring force model of H-section beam.

Figure 5. Cracking and local buckling of H-section beam.

2.5 Cracking and local buckling of H-section beam

When strong alternating repeated load is applied to
the H-section cantilever beam, flange buckles locally
and after that cracks (Fig. 5) even if the fracture at
the welded joint is avoided. According to the dynamic
loading tests of H-section cantilever beam, the crack-
ing fracture of H-section beam is considered as the
very low-cycle fatigue behavior and assumed to be
approximated by thePalmgren-Miner rule (Goto 2010,
Goto & Saisho 2010). From the Palmgren-Miner
rule, the damage ratio is given by the accumulation
of the each cycle damage (Dowling 2007). Therefore,
the cracking damage ratio of H-section beam (bDcr)
in each instant under random repeated load can be
expressed by Equation 5.

where Nfj means the number of cycle to fracture under
j-th cycle load and Nf is approximated by the Coffin-
Manson relationship as shown in Equation 6.

where εpa: the plastic strain amplitude of H-section
beam flange buckled locally (Goto & Saisho 2010),
εf : fracture elongation, c: material modulus.
The local buckling condition of flange at the beam

end is obtained on the basis of the upper bound theorem
of the limit analysis (Goto 2010). The damage ratio of
local buckling (bDlb) is decided by the use of critical
deformation (bδlb).

Figure 6. Time-histories of input ground motions.

Figure 7. Response spectra of input ground motions.

where (bδPC − bδPT ) is the amplitude of plastic defor-
mation of H-section beam.

2.6 Input ground motion

To calculate the seismic response and damage of CFT
frame, El-Centro (California 1940), Taft (California
1952), Hachinohe (Aomori, Japan 1968), JMA-Kobe
(Kobe, Japan 1997) are used as input ground motion.
These time histories of acceleration and acceleration
response spectra are shown in Figures 6-7 respectively.

2.7 Design of multi-story CFT frame

CFT frames to be calculated in this study are the 15-
story 3-bay frames and 7-story 3-bay frames. They are
designed under the following conditions.

1. The distribution of story shear strength ratio is
decided by the Japanese design code. The base
shear strength coefficient CB (=Q1/W , Q1: ulti-
mate shear force of the first story, W : weight
of frame) of 15-story frame and 7-story frame
are also decided by the design code and they are
CB = 0.25 and CB = 0.40 respectively. The frame
strength is calculated by the limit analysis assuming
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the collapse mechanism of frame with plastic
hinges at every beam-end and the upper and lower
column-ends in the top story and the first story.

2. The column-over-design factor (rc) of every beam-
to-column connection except for the highest story
is the same and they are rc = 1.0− 6.0.

3. The strength ratio of filled concrete to steel tube (ρ)
affects the restoring force characteristics of CFT
column strongly (Saisho & Goto 2001). From this
reason the strength ratios (ρ) of all CFTcolumns are
assumed to be the same and they are ρ= 0.5− 16.0
in this study.

4. Every H-section beam of multi-story frame satis-
fies the critical conditions of thewidth-to-thickness
ratio of flange (b/tf ) and web (h/tw) and the lateral
buckling parameter (Lbh/Af ). They are b/tf = 5,
h/tw = 71 and Lbh/Af = 375 (b: half width of flange,
h: depth of beam, tf , tw: thicknesses of flange and
web respectively, Af : sectional area of flange, Lb:
beam length).

All CFT frames are designed under the condi-
tions mentioned above and another condition that any
dimensions of steel tube and H-section are available.
The story-height of every CFT frame is 4.0 m and

the span lengths of outer span and inner span are
8.0 m and 6.0 m respectively. The weight of each
story is 2000 kN. The yield stress (σy) and the ten-
sile strength (σu) of steel tube and H-section beam
are σy = 340N/mm2 and σu = 440N/mm2. The frac-
ture elongation (εf ) of steel tube andH-section beam is

Figure 8. Dimensions of members (D, H ) and natural
periods (T ) of designed CFT frames (σc = 60N/mm2).

εf = 0.20. The compression strength of filled concrete
(σc) is σc = 30, 60, 120N/mm2.
Some results of designed CFT frames are shown

in Figure 8(a)–(b) in which there are diameter (D) of
CFT column, depth (H ) of H-section beam at the first
story and natural period (T ) of CFT frame. The design
conditions of CFT frames are quite different among
them. But every diameter (D) of CFT column and
depth (H ) of H-section beam is practical dimension
and the natural periods (T ) of 15-story frames and 7-
story frames are almost constant respectively. From
these designed frames it is ascertained that the design
method of multi-story CFT frame is useful.

3 SEISMIC RESPONSEAND
DAMAGE RATIO

3.1 Effect of column over design factor on
maximum damage ratios of CFT frame

The damage distributions of CFT frames under JMA-
Kobe are shown in Figure 9(a)–(b). The damages of
CFT frame are the rotation of elastic-plastic hinge
(φ), the local buckling damage ratios of CFT column
(cDlb) and H-section beam (bDlb) and the cracking
damage ratios of CFT column (cDcr) and H-section
beam (bDcr). These damage and damage ratios are
expressed by the length of thick line perpendicular to
the axis of column and beam. The numerical values
in the figures explain the damage or damage ratios of
CFT columns in the first story and the highest story.
To show the effect of the column-over-design fac-

tor (rc), the calculations in these figures are carried out
under the condition of rc = 1.0 and rc = 3.0. Although
all CFT frames are designed under the same design
condition on the ultimate story shear strength, the
strength distribution along the story and the strength
ratio of filled concrete to steel tube (ρ), we can see
the remarkable differences of the damage ratio dis-
tribution among the CFT frames. In the CFT frame
of rc = 1.0 (Fig. 8(a)), many CFT columns buckle
locally and high cracking damage ratios of CFT col-
umn appear. On the other hand, the local buckling of
CFT column does not appear in the CFT frame of
rc = 3.0 (Fig. 8(b)). Therefore, the cracking damage
ratios of CFT columns are low.
The relations between the column-over-design fac-

tor (rc) and the maximum damage ratios of CFT
frame under JMA-Kobe and Hachinohe (Hachinohe
wave is amplified to the same spectrum intensity with
JMA-Kobe) are explained in Figure 10(a)–(b). These
figures show the maximum elastic-plastic hinge rota-
tion (φm, the maximum local buckling damage ratios
of CFT column (cDlb)m and H-section beam (bDlb)m
and the maximum cracking damage ratios of CFT col-
umn (cDcr)m and H-section beam (bDcr)m while under
strong ground motion.
According to Figure 10(a)–(b), the complicated dif-

ferences due to the design conditions are observed but
themaximumdamage ratios of local buckling and steel
tube cracking of CFT column increase monotonically
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Figure 9. Damage distributions of CFT frame under strong
ground motion (JMA-Kobe).

Figure 10. Effect of the column-over-design factor
(rc) on the maximum damages of CFT frame (ρ= 3.0,
σc = 60N/mm2) under strong ground motion.

in most cases with the column-over-design factor (rc)
decreases. Especially, it is observed (cDcr)m-values
increase remarkably when the local buckling of CFT
column occurs ((cDlb)m = 1.0). On the other hand, the
maximum cracking damage ratio of H-section beam
tends to increase with the column-over-design factor
(rc), however, the H-section beam does not crack even
if rc = 6. From these results, it is shown that the maxi-
mumdamage ratios ofCFTcolumnare clearly affected
by the column-over-design factor (rc).

3.2 Effect of strength ratio of filled concrete to steel
tube on maximum damage ratios of CFT frame

The damage distributions of CFT frames under JMA-
Kobe are shown in Figure 9(c). These calculated
frames differ only in the strength ratio of filled con-
crete to steel tube (ρ) with CFT frames in Figure 9(a).
Other design conditions which are the ultimate story
shear strength, the strength distribution along the
story and the column-over-design factor (rc) and input
ground motion are the same. According to these
results, we can see the remarkable differences of the
damage ratio distributions among the CFT frames,
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Figure 11. Effect of the strength ratio of filled concrete
to steel tube (ρ) on the maximum damages of CFT frame
(σc = 60N/mm2) under JMA-Kobe.

especially the damage ratios of CFT column.As com-
paring with CFT frames with ρ= 3.0 (Fig. 9(a)),
many CFT columns buckle locally and high cracking
damage ratios of CFT column appear in CFT frames
with ρ= 11.0 (Fig. 9(c)).
To show the effect of the strength ratio of filled

concrete to steel tube (ρ) on the maximum damage
ratios of CFT frame ((φ)m, (cDlb)m, (bDlb)m, (cDcr)m,
(bDcr)m), seismic response analyses of CFT frames
with variable ρ-values are carried. Figure 11(a)–
(b) shows the some calculated results as examples.
According to Figure 11(a)–(b), the complicated differ-
ences are observed. But the maximum damage ratios
of local buckling and steel tube cracking of CFT col-
umn increase monotonically with the strength ratio of
filled concrete to steel tube (ρ). It is also observed
that the upper bounds of ρ-value not to occur the local
buckling and the steel tube cracking of CFT column
exists and these bounds are strongly affected by the
column-over-design factor (rc).

Figure 12. Lower bound of the strength ratio of filled con-
crete to steel tube in case the local buckling of CFT column
occurs.

Figure 13. Lower bound of the strength ratio of filled con-
crete to steel tube in case the steel tube cracking of CFT
column occurs.

3.3 Limit value of the strength ratio of filled
concrete to steel tube

To avoid the local buckling and steel tube cracking
of CFT column subjected to strong seismic load, the
design condition limits of the strength ratio of filled

538



Figure 14. Effect of the compression strength of filled
concrete (σc).

concrete to steel tube (ρlb, ρcr) are investigated. Fig-
ure 12(a)–(b) shows the lower bounds of strength ratio
of filled concrete to steel tube in case the local buck-
ling of CFT column occurs (ρlb). The input ground
motions are amplified the maximum velocity (Vm) to
Vm = 1.0 or 1.5m/s. According to Figure 12(a)–(b),
ρlb-values increasewith the column-over-design factor
(rc)monotonically and linearly in each groundmotion.
Figure 13(a)–(b) shows the lower bounds of the

strength ratio of filled concrete to steel tube in case
the steel tube cracking of CFT column occurs (ρcr).
According to Figure 13(a)–(b), ρcr-value also tends to
increase with the column-over-design factor (rc).
However, ρcr-values are affected by the ground

motion because of the duration of ground motion and
the number of cyclic load (Hachinohe wave has long
duration and many load cycles).
Figure 14 shows the effect of compression strength

of filled concrete (σc). Input ground motion is JMA-
Kobe (Vm = 1.0m/s). ρlb-values are strongly affected
by σc-value. But the diameter-to-thickness ratio are
almost same value in each rc-value because the

local buckling condition of CFT column is rela-
tive to diameter-to-thickness ratio strongly (Saisho
et al. 2004). On the other hand, ρcr-values are almost
constant.

4 CONCLUSIONS

Seismic responses and damages of many CFT frames
under strong ground motions have been analyzed and
it is pointed out that not only the ultimate story shear
strength and the shear strength distribution but also the
column-over-design factor (rc) and the strength ratio
of filled concrete to steel tube (ρ) affect both damage
ratios of the local buckling and the steel tube cracking
strongly.
To prevent the local buckling and the steel tube

cracking of CFT column, the lower bounds of the
strength ratio of filled concrete to steel tube in case
these damages occur (ρlb, ρcr) are investigated quan-
titatively. From these results, although both ρlb-values
and ρcr-values vary according to the column-over-
design factor (rc), the input ground motion and the
compression strength of filled concrete (σc), the
strength ratio of filled concrete to steel tube should be
less than 1.0 to prevent the local buckling and steel tube
cracking of CFT frame under strong ground motion.
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ABSTRACT: This paper deals with experimental evaluation of the seismic behavior of Circular HollowSection
(CHS) KK-joints used in steel tubular structures. Cyclic Out-of-Plane Bending (OPB) loading patterns were
varied in testing two full-scale specimens in order to evaluate their effect on connection behavior. Test results
indicated that the strength efficiency of these joints significantly depended on the loading patterns. CHS KK-
joints under Alternate Opening and Closing OPB (AOCO) load effects developed more satisfactory levels of
ductility and energy dissipation than that under alternate clockwise-aligned and Anticlockwise-Aligned OPB
(ACAO) load effects, although the final failure modes for both showed similar fracture initiated from the chord
wall. It was found that the energy dissipation due to the ductile chord crack propagation could be utilized
effectively to some extent for earthquake resistance.

1 INTRODUCTION

Single-layer reticulated shells have become a particu-
larly popular choice for the large-span roof systems of
steel structures because of their lightweight, appealing
architectural appearance and rapid erection. Circu-
lar hollow sections (CHS) are a common selection
for primary load-carrying members of this type of
onshore structures. In the practical applications, the
sections are profiled and welded to form CHS unstiff-
ened connections. The distributed load on the CHS
members, especially in the event of an earthquake,
may generate significant out-of-plane bending (OPB)
moments on the CHSKK-joints (as highlighted in Fig-
ure 1 for a typical engineering application). Many of
successful large-span tubular structural applications
now exist in regions of high seismic risk, leading
to the great concerns of the engineering community
about the behavior of CHS connections under seismic
loading.

Figure 1. Engineering application of CHS KK-connections.

Existing studies concerned with tubular joints
focused on ultimate static capacity as theirmain target.
Although somework has considered inelastic dynamic
behavior in response to extreme wave events, it has
consisted mostly of high cycle loads to investigate
fatigue performance. On the other hand, limited stud-
ies on seismic behavior of tubular joints were almost
restricted to the case under axial loads (Kurobane
1998, Soh et al. 2001, Wang & Chen 2007, Chen &
Zhao 2007, Yin et al. 2009). Recently thick-walled
CHS X-joints (Wang & Chen 2010) and CHS stiff-
ened joints to box section girders with different details
(Wang & Chen 2010) have been experimentally stud-
ies under OPB loads. However, there have been no
research found on the cyclic behavior of CHS KK-
joints under OPB. Due to the lack of test and analytical
evidences, the strengths, the failuremodes and the duc-
tility of this joint require further investigations in order
to provide a basis for a rational seismic design of such
tubular structures.
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In this paper, the experiments of two full-scale CHS
KK-joints under cyclic OPB loading are reported. Sig-
nificantly different strength efficiency of KK-joints
under two loading patterns were identified based on
the analysis on the relationship of global responses
and strain distribution. The effects of loading patterns
on the ductility and energy dissipation capacity of the
joints were experimentally evaluated.

2 EXPERIMENTAL PROGRAM

2.1 Test specimen

The cyclic tests were carried out on two full-scale
CHS KK-joint specimens with different loading pat-
terns: KKBH-1 and KKBH-2, as shown in Figure 2.
They all have KK configuration and the same geo-
metrical characteristics, as listed in Table 1. The
chord length between supports was lc = 1240mm
(with α= 2lc/D= 10.1) while the brace length was
approximately 7 to 8 times the brace diameter d, pre-
venting the effect on the joint zone caused by end

Figure 2. CHS KK-connection specimens detail.

Table 1. Overview of specimens.

Specimen D×T d× t β γ τ θ Loading pattern

KKBH-1 245× 10 140× 8 0.57 12.3 0.8 51◦ AOCO
KKBH-2 245× 10 140× 8 0.57 12.3 0.8 51◦ ACAO

Table 2. Material properties of specimens.

Section size Yield strength Tensile strength Elongation Elastic Modulus
(mm) fy (MPa) fu (MPa) δ(%) E (MPa)

245× 10 CHS 282 464 37.3 2.06× 105
140× 8 CHS 310 477 28.8 2.06× 105

constraints. The chosen geometric parameters (with
γ =D/(2T )= 12.3; β= d/D= 0.57; τ= t/T = 0.8)
correspond to typical CHS KK-joints in large span
spatial tubular structures. Table 2 summarizes the
measured material properties of the chord and the
braces.

2.2 Test setup and loading procedure

For KK-joints there are two possible cyclic OPB
loading patterns: (1) Alternate opening and closing
OPB (AOCO), as shown in Figure 3(a); (2) Alternate
clockwise-aligned and anticlockwise-aligned OPB
(ACAO), as shown in Figure 3(b). AOCO loading was
adopted for KKBH-1 testing whileACAO loading was
adopted forKKBH-2 testing, in order to investigate the
seismic response of KK-joints under different loading
patterns.
Figure 4 shows the general arrangement for theCHS

KK-joint tests. The chord was placed in a horizontal
position along with four braces. Spherical plain bear-
ings were set up at the end of four braces to make sure
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Figure 3. Two different cyclic OPB loading patterns on CHS KK-connections.

Figure 4. Test setup.

the boundary conditions were universal hinge joints.
Servo hydraulic actuators were connected to each end
of the chord, by clamping the chord with two cover
plates through four threaded rods. The curved con-
tacting surfaces were made between upper or bottom
cover plate and the chord end, coating with lubricant
oil. The basic idea behind the details is to alleviate the
friction, thus allowing the end plate to rotate around its
own central axis freely. As a result, pinned boundary
conditions were achieved.
The loadingprotocol prescribed aquasi-static cyclic

displacement pattern defined in terms of loading
point displacement, � (Fig. 5). For the beginning two
cycles, the specimens were tested with displacement
amplitudes of ±0.5�y and ±�v. One cycle of dis-
placement load was then applied at each new displace-
ment level with 3mm increments for the subsequent
loading. This process was repeated until connection

failure occurred. For each specimen, the instrumenta-
tion includes strain gauges around the crown points
and the saddle points to measure the strain distri-
butions at hot spots, and transducers to measure the
displacements at selected key points.

3 EXPERIMENTAL RESULTS

3.1 Failure modes

In the KKBH-1 test, yielding was first inspected at the
chord wall near the saddle point during the third load
cycle (Q= 34 kN). Subsequently, when the loading
displacements level reached ±42mm, initial yielding
in the brace end section was measured. Meantime, a
small plastic deformation was also observed on the
chord wall at intersections between the braces and
the chord, convex under tension and concave under
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Figure 5. Loading procedure.

compression. A small crack was first observed at the
weldingheat affected zone (HAZ)near the saddle point
between the brace 3 and the chord during the±45mm
load cycle, followed by cracking at similar points
between the other three braces and the chord. This led
to the gradual strength decrease in the following load
cycles.When the±66mm load cycle was reached, the
strength decreased by around 1/3 from the peak force
due to the propagation of the cracks. The specimen
finally failed because of the plastic tearing of the chord
wall at the intersection of the braces and the chord
underAOCO load effects, as is specified in Figure 6(a).
In the KKBH-2 test, yielding was identified simul-

taneously at the chord wall near the saddle point
and the brace end section during the third load cycle
(Q= 70 kN). A small crack was first observed at the
weldingheat affected zone (HAZ)near the saddle point
between the brace 2 and the chord during the±76mm
load cycle, followed by cracking at similar points
between the other three braces and the chord. This led
to the gradual strength decrease in the following load
cycles.When the±100mmload cyclewas reached, the
strength decreased by around 1/3 from the peak force
due to the propagation of the cracks. The specimen
finally failed because of the plastic tearing of the chord
wall at the intersection of the braces and the chord
underACAO load effects, as is specified inFigure 6(b).
The failure modes of two specimens all demon-

strated chord wall tearing near welding HAZ. How-
ever, it can be clearly seen from the observations
that KKBH-1 under AOCO load effects intended to
experiencemore considerable degree of yielding in the
chord wall than KKBH-2 under ACAO load effects.

3.2 Cyclic behavior

The equivalent force-drift responses at brace ends of
the specimens under cyclic loading are presented in
Figure 7 and 8.To permit a direct comparison between

Figure 6. Failure modes after test.
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Figure 7. Brace load versus displacement relationships of
Specimen KKBH-1.

Figure 8. Brace load versus displacement relationships of
Specimen KKBH-2.
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Figure 9. Components of vertical brace deflection in CHS KK-connection.

Table 3. Ductility ratio of the specimens.

Specimens θ+jy θ+ju θ−jy θ−ju μ+ μ−

KKBH-1 Brace 1 0.005 0.030 0.005 0.028 5.7 5.4
Brace 2 0.005 0.030 0.005 0.028 5.7 5.4
Brace 3 0.006 0.031 0.005 0.029 5.4 5.4
Brace 4 0.006 0.031 0.006 0.029 5.3 5.0

KKBH-2 Brace 1 0.006 0.021 0.005 0.024 3.7 4.5
Brace 2 0.005 0.022 0.006 0.022 4.1 3.9
Brace 3 0.006 0.022 0.005 0.023 3.9 4.3
Brace 4 0.005 0.023 0.005 0.022 4.4 4.4

connection strength and adjacent member strength,
the force corresponding to nominal brace yielding
moment, Pby, and the force corresponding to nomi-
nal full plastic moment strength of the brace section,
Pbp, are plotted in these figures. Furthermore, the first
crack occurrences are marked in these figures.
For two specimens, hysteretic curves behaved stably

without pinching before cracks occurred. However, it
can be seen that these two specimens experienced dif-
ferent extent of plasticity in the chord wall. For Spec-
imen KKBH-1 under AOCO load effects, it showed
smaller connection efficiency (Pu/Pp = 0.74), devel-
oping remarkable chord plasticity before cracking and
demonstrating very stable hysteresis loops after crack-
ing. Only gradual drop in strength was noticeable
when it underwent extremely large inelastic deforma-
tions. The connection efficiency was larger than one
(Pu/Pp = 1.1) for Specimen KKBH-2 under ACAO
load effects. In comparison with KKBH-1, KKBH-
2 developed milder chord plasticity. The hysteretic
curves of KKBH-2 exhibited a noticeable higher stiff-
ness and pinching characteristics.After cracking,more
significant strength decrease indicated lower energy
dissipating capacity at large inelastic deformations. It
is obvious that KKBH-1 developed more satisfactory
levels of energy dissipation than KKBH-2, although
the final failure modes for both specimens showed
similar fracture initiated from the chord wall.

3.3 Assessment of ductility

Ductility of the joints can be assessed by calculating
the ductility ratio from the moment-rotation skeleton
curves of the specimens. The deflected shape of each
brace in a CHSKK-connection and its dimensions and
properties are shown in Figure 9. The vertical drift
δ can be computed as the sum of the two deflection

Table 4. Energy dissipation contribution before chord
cracking.

Specimen E1/Etotal Etotal (kN-mm)

KKBH-1 31% 26940
KKBH-2 47% 26745

components shown in Figure 9, where δ1 is verti-
cal deflection caused by connection rotation in the
intersection area, and δ2 is vertical deflection caused
by flexural deformations in the brace. The moment-
rotation skeleton curves of KK-joints loaded by OPB
are then obtained for determining the ductility ratio, as
is listed in Table 3. The moment is taken at the chord
surface at the crown position, and the joint rotation
θj is acquired by dividing δ1 (obtained as δ− δ2) by
the length of brace, Lb. The ductility ratio is defined
as μ= θju/θjy, where θju is assumed to be the rota-
tion corresponding to ultimate connection strength and
θjy is the yield rotation. It is observed that KKBH-
1 demonstrated higher ductility ratio than KKBH-2,
indicatingAOCO load leads to better ductility of CHS
KK-connections than ACAO load.

3.4 Analysis of energy dissipation mechanism

Table 4 summarizes the ratios of the dissipated energy
caused by chord wall and brace deformation before
cracking, E1, to the total energy dissipated during
the test, Etotal . This undoubtedly indicated different
energy dissipation mechanisms. As can be seen from
the table, the proportion of energy dissipation prior
to the chord cracking of KKBH-1 is smaller than that
after the chord cracking, with the major energy dis-
sipation mechanism being crack propagation, along
with chord plastic deformation before cracks occurred.
While for KKBH-2, the proportion of energy dissipa-
tion prior to and after the chord cracking are almost the
same, so its energy dissipation mechanism is different
from that for KKBH-1, being contributed by the com-
binations of chord plastic deformation, brace plastic
deformation and crack propagation.
Additionally, the initial crack propagation in the

chord wall of two specimens (in particular KKBH-1)
both showed ductile properties without inducing sharp
decrease in the load bearing capacity. Thus the energy
dissipation after the cracking can still be relied on to
some extent for earthquake resistance.
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4 CONCLUSIONS

Inelastic cyclic OPB loading laboratory experiments
were designed and conducted on two full-scale CHS
KK-connections.The strength efficiency of these con-
nections under cyclic brace OPB moment was found
to be significantly dependent on the loading pat-
terns. Weak-brace-strong-connection behavior tended
to emerge with CHS KK-joints under ACAO load
effects, showing higher strength efficiency. However,
AOCO load effects led to weak-connection-strong-
brace behavior, thus showing lower strength efficiency.
CHSKK-joints underAOCOload effects developed

more satisfactory levels of ductility and energy dissi-
pation than that under ACAO load effects, although
the final failure modes for both showed similar frac-
ture initiated from the chord wall. This observation
need to be attached importance to in seismic design of
steel tubular structures.
Whatever the load pattern was, the initial crack

propagation of the joints showed ductile properties
without inducing sharp decrease in the load bearing
capacity. Hence the energy dissipation after the crack-
ing can still be relied on to some extent for earthquake
resistance.

ACKNOWLEDGEMENTS

The presented work was supported by the Natural Sci-
ence Foundation of China (NSFC) through Grant No.
51038008, Shanghai Pujiang Program through Grant
No. PJ2010-00320, and the State Key Laboratory of

Coastal and Offshore Engineering, Dalian University
of Technology, through Grant No. LP1007.

REFERENCES

ChenYY&ZhaoXZ. 2007. Experimental study on hysteretic
behavior of CHS overlap K-joints and gap KK-joints. In:
YS Choo, JY Richard Liew (eds). Proceedings of the 5th
International Conference onAdvances in Steel Structures.
Singapore: Research Publishing.

Kurobane Y. 1998. Static behavior and earthquake resistant
design of welded tubular structures. In: Jármai K&Farkas
(eds). Mechanics and Design ofTubular Structures.Wien,
Austria: Springer-Velag.

Soh CK, Fung TC, Qin F, GhoWM. 2001. Behavior of com-
pletely overlapped tubular joints under cyclic loading.
Journal of Structural Engineering, ASCE 2001; 127(2):
122–128.

Wang W & Chen YY. 2007. Hysteretic behavior of tubu-
lar joints under cyclic loading. Journal of Constructional
Steel Research 63: 1384–1395.

Wang W, Chen YY, Meng XD, Leon RT. 2010. Behavior
of thick-walled CHS X-joints under cyclic out-of-plane
bending. Journal of Constructional Steel Research 66:
826–834.

Wang W, ChenYY, Zhao BD. 2010. Cyclic test and analysis
on CHS stiffened connections to box section girders with
different details. In Ben Young (ed.), Tubular Structures
XIII: Proceedings of the 13th International Symposium
onTubular Structures, Hongkong, 15–17December 2010.
Rotterdam: Balkema.

Yin Y, Han QH, Bai LJ, Yang HD, Wang SP. 2009.
Experimental study on hysteretic behavior of tubular
N-joints. Journal of Constructional Steel Research 65:
326–334.

547





Tubular Structures XIV – Gardner (Ed.)
© 2012 Taylor & Francis Group, London, ISBN 978-0-415-62137-3

A smart multi-spring assembling model for simulation of hysteretic behavior
of unstiffened CHS X-Joint

B.D. Zhao
State Key Laboratory for Disaster Reduction of Civil Engineering, Tongji University, Shanghai, China
Zhejiang University of Technology, Hangzhou, Zhejiang, China

Y.Y. Chen
State Key Laboratory for Disaster Reduction of Civil Engineering, Tongji University, Shanghai, China

ABSTRACT: In single layered lattice steel tubular structures with large spans, CHS X-joint is one of common
configurations for the connection of structural members. The main components of internal forces existing at the
end of members surrounding the joint include axial force and bi-directional moment. The interaction of those
internal forces is complicated especially when the joint zone develops large plastic deformation. In order to
study the non-linearly dynamic behavior of the structure, an efficient model for numerical analysis is required.
A smart multi-springmodel applicable to CHSX-joint is developed. In the model, the joint zone of CHS chord

member is replaced with two assemblages of multi-springs. One assemblage is corresponding to one connection
of chord member to a branch member. Each spring is assigned a non-liner load-deformation skeleton curve and
restoring force rule, while the key indices about the skeleton curve and the restoring force rule can be determined
by the geometry size of CHS members and the steel strength and elastic modulus. In the paper, the validation
of the proposed model is demonstrated by the comparison with the results of hysteretic loading test on CHS
X-type joint, and with the results of precise FEM analysis. Such a model can be used for time-history analysis
of earthquake response of large scale structure, if the effect of non-linear property of joint on the behavior of
whole system has to be taken into account.

1 INTRODUCTION

X-joint is one of common configurations for the con-
nection of structural CHS members in single layered
lattice steel tubular structures with large spans. The
unstiffened tubular joint makes its behavior non-rigid
in many cases (Wang 2005). In general, the main
components of internal forces existing at the end of
members surrounding the X-joint include axial force,
out-of-plane and in-plane moment. Here, the curved
surface formed by member axes is taken as the struc-
tural plane. Vertical vibration due to earthquake plays
main role in seismic response of single layered lattice
structure with large spans, especially in the structure
featured in small curvature which makes the geometry
form of the roof close to a plane. However, the in-
plane moment is relatively small and can be neglected;
hence, the main components of internal forces sur-
rounding the X-join can be further reduced two: axial
force and out-of-plane moment.
So far, the previous study focused on the hysteretic

behavior of unstiffened tubular joints subjected to axial
force (Kurobane 1998, Qin et al. 2001, Wang & Chen
2007), few on the out-of-plane bending hysteretic
behavior (Meng 2009). Though numbers of hysteretic
models have been proposed for beam-to-column con-
nection, relatively few are available for unstiffened

joint. Meng suggested a hysteretic model for unstiff-
ened CHS X-joint under out-of-plane bending (Meng
2010). The moment–rotation (M–φ) skeleton curve of
the model adopted Menegotto-Pinto curve (a classical
kindof constitutive relations for steel), and its restoring
force rule adopted kinematic hardening.The limitation
of the model is that it cannot directly reflect the influ-
ence of axial forces on the moment-rotation behavior
of the joints. Up to present, few models considering
interaction of bending moments and axial forces for
unstiffened tubular joint.
Referring to the multi-spring assembling model

used in beam-to-column joints and the component
method recommended by EC3 (Eurocod3 part 1.8,
2002), this paper proposes a four-spring model for
unstiffened CHS-X joint. The stiffness matrix of the
model is deduced and the key parameters of the model
are studied. The model can consider interaction of
out-of-plane bending and axial force.

2 CONSTITUTION OF THE MULTI-SPRING
MODEL FOR CHS X-TYPE JOINT

2.1 General multi-spring mechanical model

With regard to the unstiffened CHS joints with only
one branch such as T-type and Y-type joint, the
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Figure 1. Generalized mechanical model for CHS joints.

generalizedmulti-springmodel is depicted in Figure 1.
For the sake of simplification, the branch connected
to the joint is taken as a portion of member and the
chord wall is defined as joint zone in the model. The
model contains two rigid slices located in the chord
central line (support slice) and the chord surface (the
moveable slice restraining the shear deformation and
torsion). These two rigid slices are linked by a series
of parallel springs. Each of the spring is denoted as Si
and its stiffness as ki, whilst xi and yi are the horizontal
and vertical distances of spring i in the defined coor-
dinates as shown in Figure 1. Among the springs, four
are arranged in the x and y axis of the coordinates, in
both positive and negative direction; and the others are
in the different quadrants. The model is based on the
following assumptions:

1) The branch section on the interface with chord
keeps its shape stiff, like the plane keeping assump-
tion in beam theory;

2) Small deflection, thus having the approximation of
sinφ=φ and cosφ= 1, where, φ is rotation;

3) The impact of bi-directional shear and torsion
deformation on the axial spring can be ignored.

Corresponding to the components of internal forces
at the end of branch, the axial force N , out-of-plane
momentMx (orMo) and in-plane momentMy (orMi),
the relevant axial deformation and rotation are set as
u, φx (φo) and φy (φi) respectively. Deformation of
each spring in the model system can be evaluated on
the basis of geometrical relationship as shown in Fig-
ures 1a, b, c. The stationary potential energy principle
and small deflection assumption are used to establish

Figure 2. Multi-spring model for H-section column.

the equilibrium equations which can be illustrated as
Equation 1:

Where dF = {dN , dMo, dMi}T is the incremental
load vector at the joint, dN , dMo and dMi are axial
load increment and out-of-plane and in-plane bending
moment increment respectively; dλ= {du, dφo, dφi}T
is the increment deflections at the joint, du, dφo and
dφi are increments of axial and out-of-plane and in-
plane rotational deformations respectively; [Kij]3× 3 is
themodel stiffnessmatrixwith the form as Equation 2:

It is clear that the items out of the main diagonal line
of the stiffness matrix associates with the interaction
between the axial and the rotational deformations.

2.2 A simple, practicable and relative smart model
with four-springs assembling for CHS X-joint

Obviously, the generalized multi-spring model
described in Section 2.1 with many variables to
be determined, including the spring number, type,
location and constitutive rule (namely, rigidities and
strengths at each bearing phase). Generally, the more
the types and numbers of springs, the more accuracy
the model can be expected. But, the number of condi-
tions used to determine the variables are limited, and
it shall be very difficult to determine too many param-
eters. Hence, it is important issue to look for a balance
between the validity, accuracy and simplicity of the
model.
Figure 2 shows multi-spring model used for simu-

lation of the hysteretic behaviors of H-section column
considering local buckling (Chen 1994), and Fig-
ure 3 shows the semi-rigid connection characteristic of
beam-column joint (Tschemmernegg & Humer 1988)
which based on component method. In those models,
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the springs and other elements are clearly correspond-
ing to the structural components or part of the physical
objectives according to the constructional details of the
joint, as flange plate is one component for H-section
column and bolt is one component for beam-column
joint. Hence, the locations and constitutive relation
of springs in those models can be determined by the
component itself directly (named direct method); for
example, bolt as one type of spring in the model, the
location of the spring is bolt’s geometric location in
the beam-column joint and the constitutive relation of
the spring can be obtained by tension test with bolt.
By contrast with the above model, the directly physi-
cal relation of spring in CHS model to the structural
component of unstiffened CHS joint is almost impos-
sible because of its special connection feature. Hence,
as for the multi-spring model of unstiffened tubular
joints, the locations and constitutive relation of the
springs should be determined not by direct method
but by other ways. On the other hand, the assembled
model must be able to accurately predict the general
force-deformation relationship of unstiffened tubular
joint under various kind loads. How to determine the
locations andmechanical rule of every spring becomes
key point for establishment of the model.
In order to solve the problem, an inverse deducing

method is proposed in this paper. The key concept of
this method is to set the number of springs in advance,
and determine the related parameters for every spring.
These related parameters are deduced by generalized
force-deformation curves from unstiffened tubular
joints under single load component, compressive or
tensile axial force, in-plane or out-of-plane moment,
respectively.

Figure 3. Multi-spring model for beam-column bolted
joints.

Figure 4. Load-deformation curves and its tri-linear simplification.

So, the premise condition for determination of
spring parameters is accurate FEA result. The gener-
alized non-linear force-deformation curves of unstiff-
ened X-type joints are acquired by adopting FEM
software ABAQUS (2007). The smooth non-linear
curves are then replaced with tri-linear lines (Fig. 4)
for simplicity in succedent analysis. The first turn-
ing point of the tri-linear lines, point A, nominated as
yield point, is determined according to Kurobane rule
(Kurobane et al. 1984).The second turning point, point
B, nominated as ultimate point, is determined by that
the maximum plastic strain of chord wall near to joint
region attains to about 0.1, referring to the ultimate
deformation principle by Lu (Lu et al. 1994) and the
ultimate rotation principle by Yura (Yura et al. 1980)
under moment bending.
Themain consideration and procedure to determine

the details of the multi-spring model are described as
followings:

(1) To preset the numbers and types of springs based
on the consideration with minimum numbers and
types of the springs as possible if the required
accuracy of prediction can be obtained. With
regard to the two main components of internal
force taken into account, axial force and out-
of-plane moment, for unstiffened X-type tubular
joint, the necessary number of springs could be
four and the constitutive relation types could be
two. Among them, one pair of springs called out-
of-plane spring, the function of which is mainly
used to meet the balance of out-of-plane moment;
cooperative with the out-of-plane spring, the sec-
ond pair called in-plane spring is mainly used to
meet the balance condition against axial force.
Accordingly, the generalized multi-spring model
mentioned in Section 2.1 is thus simplified to a
four-spring assembling model (Fig. 5). Referring
to Figure 5, S1 and S2 are classified as out–of-
plane springs, S3 and S4 classified as in-plane
springs, x and y are locations of springs.

(2) To suppose the constitutive relation for every
spring is tri-linear (Fig. 6).

(3) To satisfy the equilibrium condition of joint
under single load component in yielding and ulti-
mate stage by the corresponding spring, thus, the
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Figure 5. The four-spring model for CHS X-joints.

Figure 6. Constitutive relation for spring of the model.

corresponding yield and ultimate strength of the
spring can be decided. For example, the out-of-
plane spring at compressive side (the spring S1 in
Figure 5) first enter into compressive yield when
out-of-plane moment reaches yield value. Analo-
gously, the yield and ultimate status under axial
tension (or compression) for the joint are used to
decided by the tension (or compression) yield and
ultimate strength of in-plane springs.

(4) To set the position coordinate of each spring in
accordance with the deformation compatibility
condition, geometrical condition and the other
supplementary condition necessary. For exam-
ple, according to above item (3), next condi-
tion is necessary,�Ncy = δ2cy <δ1cy = yφoy; here,
�Ncy, δ2cy, δ1cy, y and φoy are yield deformation
of the joint under axial compression, deforma-
tion at compressive yield of in-plane springs,
deformation of out-of-plane springs when they
compressively yield, coordinate in y axis of out–
of-plane spring, and yield rotation under out-of-
plane moment for the joints, respectively. Then,
a coefficient ξ (assumed greater than 1) is intro-
duced; thus y is expressed as y= ξ�Ncy/φoy. To
obtain a proper position coordinate y, the model
should avoid some invalid behavior, for example,
in-plane springs arrive at ultimate strength while
the out-of-plane springs still keep in elastic stage.

Also is it required that the extent of yield defor-
mation of in-plane springs should be less than that
of the counterpart of out-of-plane springs. The
consideration and comparison finally result in the
value ξ as 1.05.

(5) To determine the stiffness of springs. As for the
initial stiffness, it is assumed that elastic stiff-
ness in tension and compression is identical, i.e.,
kite = kice = kie, referring to Figure 6, which is
meant that the slight difference between tension
and compression due to non-linear behavior in
elastic stage is neglected here. According to the
property of diagonal element in stiffness matrix
referring to Equation 2, the elastic stiffness of the
springs can be determined by the specific load
such as axial force, in-plane moment and out-of-
plane moment. For example, the elastic stiffness
of out-of-plane and in-plane springs are, respec-
tively calculated by the formula: k1e =KMoe/2/2y
and k2e =KNe/2− k1e.

Followed by the above procedure, the compressive
and tensile yield strength p1cy and p1ty of out-of-plane
springs (as well as p2cy and p2ty of in-plane springs)
and the location of in-plane springs x can be calculated
by follow Equations: p1cy =Moy/2y, p2cy = k2e�Ncy =
Ncyk2e/2/(k1e + k2e), p1ty = p1cyNty/Ncy, p2ty = k2e
�Nty =Ntyk2e/2/(k1e + k2e), x= 0.5(KMoe/2/k2e).
For determination of else parameters, such as ulti-

mate strength and elastic-plastic stiffness for the two
kinds of springs, the other conditions are established
by the author, but the complex and tedious work is
omitted in this paper.
The above principle and procedure are not only

appropriate for one branch CHS joint, but also can be
used for the one-plane or slight curved X-type CHS
joint so long as the interaction of two branches on the
joint zone of chord is not distinguished.

3 DETERMINATION OF THE KEY INDICES IN
SKELETON CURVEAND HYSTERETIC
RULE FOR NON-LINEAR SPRING

3.1 Key indices for skeleton curve of springs

In this section, the restoring model is discussed. Sec-
tion 2.2 establishes the general relation between the
indices of tri-linear constitutive rule of springs in the
model and the mechanical performance of the joint.
Actually, the constitutive relation will be treated as
skeleton curve for restoring model. However, for prac-
tical application, the indices of the springmodel should
be expressed by the joint parameters both of material
and geometry. The joint parameter relating material
properties are the yield strength of the chord, fy, and
the steel modulus; and the non-dimensional geometri-
cal parameters of the joint include β (diameter ratio
of branch to chord), γ (ratio of chord radius to its
thickness) and θ (the angle between branch and chord
in the plane). The other geometrical parameters are
the angles between the axes of branches and chord
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members out of curved surface. Since only slight
curved structure is taken into account in this paper,
the influence of the out of curved surface angle can be
neglected.
A great deal of non-linear FEA for the joints is car-

ried out and a mass of data for calibration of the key
indices of the skeleton curve are available. Bymultiple
non-linear regression technique, the equations about
the key indices of skeleton curves are then summa-
rized based on the joint parameters. The expression
of spring position coordinates also uses the geom-
etry parameters of joint. The results are showed as
Equation 3.

where D is the diameter of the chord; E the elas-
tic modulus of steel; the other parameters refer to
Section 2.2.
For proper application of Equation 3, the parame-

ter scope should be paid attention carefully, since the
range of parameters adopted for FEA is limited. The
valid scope of the parameter is as follows: 0.45≤β≤
0.9, 5≤ γ ≤ 25, 0.4≤ τ≤ 1, 45◦ ≤ θ≤ 90◦, τ is wall
thickness ratio of branch to chord.
Also by the parametric analysis, the stiffness of

springs in third portion of tri-line model shown in
Figure 6 is determined by Equation 4.

If we take no account of the crack and post local buck-
ling, the coefficient λ1 can be adopted as 2%, and
λ2 as 1.5% when γ ≤ 5, while 0.2% when γ ≥ 25,
and linear interpolation between 0.2% and 1.5%when
5<γ < 25.

3.2 The hysteretic rule for springs

Referring to the hysteretic rule introduced by multi-
spring model of H-section beam-column under the
combined action of bending and compression, the
curve illustrated in Figure 7 is adopted as restoring
route which is applied to the springs of the four-spring
model. Ramberg-Osgood function is used as the math-
ematical description of the restoring route. The unique
technique of the model is that a ‘shift coefficient’, ψ,
is introduced (Ohi, 1992). The hysteretic route shall
change its shape with the increase of plastic deforma-
tion, thus the accumulated damage due to the plastic
deformation can be reflected in the hysteretic behavior.
The previous research found that whenψ was taken as
0.5, the hysteretic curve simulated test results well.
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4 COMPARISON OF THE SIMULATION BY
PROPOSED MODELWITH TESTAND FEM
ANALYSIS

In this chapter, the validation of the proposed model
is demonstrated according to the comparison with the
results of typical hysteretic loading test onCHSX-type
joint, and with the results of precise FEA on the joint.
The four-spring joint model is planted into a numeri-
cal analysis programming code JULIET developed by
the author previously. Figure 8 graphically expresses
the combination of the joint model with the beam-
column element in the numerical program. Between
nodes of intersection of member axes, the joint mod-
els are inserted within the center of the chord section
and its wall in the direction of branch axis. For X-type
joint, two joint models shall be settled in one node, in
order to connect two branches.As a conceptual sketch,
the shear and torsion spring separated from the four
springs do not appear in the figure.
Figure 9a shows loading diagram for test (Meng,

2010). Each end of the chord was fixed on a support

Figure 7. Skeleton curve and restoring-force model.

Figure 8. Hybrid model with member and CHS X-joint in JULIE.

Figure 9. Test setup scheme and moment-rotation hysteretic curve comparison between test, FEA and the four-spring model.

column extending to the laboratory base. The verti-
cal cyclic loads (denoted as P) producing out-of-plane
moment bending were applied synchronously through
two actuators. Figures 9b, c illustrate the comparison
between the result from finite shell elementmodel ana-
lyzed by finite element package program ABAQUS,
the proposed model and the test. It is the cases that the
X-type joint were subjected to out-of-plane moment
only. In the figure, the vertical axis indicates the out-
of-plane moment which is equal to Plb referring to
Figure 9a, and the horizontal axis indicates the cor-
responding rotation.. By the figure, the results from
the proposed four-spring model are in relatively good
agreementwith that from the test before the occurrence
of crackonweld during the test.And the proposed four-
spring model obtained simulation curve almost same
as that by fine shell FE model.
A series of parametrical analysis were performed.

Figures 10 through 12 show two samples of them for
the comparison of the simple four-spring model with
FEA. The diameter of chord is set as 300mm for all
specimens. For FEA, program package ABAQUS is
used with the S4R shell element to establish the fine
FE model.
The loading condition of the joints which results

are shown in Figure 10 is that the two branches of the
joint are only subjected to identical out-of-moments.
It can be observed that the hysteretic curves obtained
by simple four-spring model and by precise FE model
fit close, thoughwith the increase of the rotation, there
is a little difference.
Figures 11–12 show the joint response to combined

loading condition of axial compression and out-of-
plane moment on the branches. In the analysis, the
loading path is taken the same as in the test, i.e, the
axial compression is exerted at first to the given value,
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Figure 10. Moment-rotation hysteretic curve comparison between FEA and the model subjected out-of-plane bending only.

Figure 11. Moment-rotation hysteretic curve comparison between FEA and the model (axial pressure N = 0.25Ncu).

Figure 12. Moment-rotation hysteretic curve comparison between FEA and the model (axial pressure N = 0.5Ncu).

and then the moment is applied cyclically. Figure 11
is the result when the joint is subjected to branch
axial compression as 0.25Ncu, where Ncu is the design
value of ultimate bearing capacity computed by Chi-
nese steel design code (GB50017-2003, 2003) forCHS
X-type joint when it is subjected to axial compres-
sion only. In computation, the design value of steel
strength (f ) by the code is replaced by nominal steel
yield strength (fy). The moment value in the figure is
adopted that at an imagined corss-section through the
crown point of interface with chord, and the second-
order moment effect, i.e. the P−� effect is taken into
account. The cases in Figure 12 are those where the
branch axial compression is equal to 0.50Ncu.
Figures 11, 12 and other compression reveal the

following facts:

(1) The hysteretic curve predicted by simple four-
spring model conforms with that by FEA quite

well when axial compression is relatively small
such as 0.25Ncu, and the results shown in Fig-
ure 10 also support the estimation. On the other
hand, with the axial compression becomes large,
it can be seen that the difference exhibits a little
big in the large deformation stage, as Figure 12
shown. But it can be considered accepted on the
whole if we compare the results by two analysis
models.

(2) By observation of Figures 11-12, it is found that
the out-of-plane bending strength and rigidity are
both declined to some extent with the increase
of diameter-to-thickness ratio of the CHS joints.
These cases also illustrate that the impact of axial
pressure on the out-of-plane bending hysteretic
behavior of CHS joint with thin-walled chord are
more obvious than the counterpart of CHS joint
with thick-walled chord.
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5 CONCLUSIONS

In this paper, the main findings can be summarized as
follows.

1. A general multi-springmechanical model for simu-
lation of hysteretic behavior of non-rigid CHS joint
is established. The concept of the model is appro-
priate not only for the one branch CHS joints, such
asT-type andY-type joint, but also for certainmulti-
branch joint such as X-type joint. To overcome the
difficulty that no obviously physical counterpoint
of the model spring with the joint component, an
inverse deducing method is proposed and applied
to determine the key indices of the model springs
according to the load-deformation relation of joint.

2. Apart from its simplicity, one of the advantages
of the model is the ability to reflect the interac-
tion of axial force and moments. Considering the
character of unstiffened CHS X-type joint in sin-
gle layered lattice structure with large spans and
small curvature, the main components of internal
forces at the end of branches surrounding the joint
can be considered out-of-plane moment and axial
force only under the action of vertical earthquake,
thus the general multi-spring model can be sim-
plified as four-spring model. Key indices for the
skeleton curve of load-deformation relationship for
every spring in the model are settled by the inverse
deducingmethod based on the numerous FEApara-
metrical analysis and non-linear fitting regressive
technique, and the hysteretic rule for the spring is
also established.

3. By comparison with the test results and finite shell
element model analysis, the proposed mechanical
model is found to have satisfied ability to predict the
hysteretic behavior of joint under combined loads
of compression and out-of-planemoment, and with
high efficiency. The model can be used in the non-
linear dynamic analysis of tubular structures with
T,Y and X-type CHS joints.
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Parametric finite element analysis of the cyclic flexural behavior
of hollow structural sections

M. Fadden & J. McCormick
University of Michigan, Ann Arbor, Michigan, US

ABSTRACT: Hollow Structural Sections (HSS) are highly efficient members which have been underutilized
in cyclic bending application due to limited experimental testing. However, experimental testing has shown
that HSS beam members can achieve desirable behavior if limiting values of the width-thickness (b/t) and
depth-thickness (h/t) ratios are met. A finite element model (FEM), considering experimentally measured
material properties, section geometry, and geometric imperfections, has been developed and calibrated based
on experimental results. Using the calibrated FEM, a parametric study is conducted under cyclic loads with 133
different HSS beam members of sizes ranging from HSS 152.4× 50.8× 4.8 to HSS 508× 304.8× 15.9. The
decrease of the maximum moment capacity (Mmax) with cycling and rotational capacity at a given degradation
of Mmax are considered to provide insight into the interdependence of the b/t, h/t, and aspect ratios (h/b) on
the cyclic bending behavior. Linear regression analyses of the results provide a means of predicting HSS beam
member performance. From the analyses, equations for predicting the degradation of moment capacity and
rotational capacity based on the b/t and h/t ratios are derived.

1 INTRODUCTION

1.1 Background

Steel seismic moment resisting frame (SMRF) sys-
tems are a common means of providing lateral load
resistance in regions of high seismicity through the
development of bending moments and shear forces in
the framemembers and joints (Nakashima et al. 2000).
Hollow structural section (HSS) members have many
desirable properties, such as favorable bending, com-
pression and torsional resistance, which have initiated
industry interest for their use in SMRF systems. This
interest can be seen in the use of HSS for a variety of
other structural applications including column mem-
bers (hollow or concrete filled), bracing elements,
truss elements, exposed structural steel, and cladding
supports. In order to effectively use HSS as bending
members for seismic applications, an understanding of
their behavior under cyclic loading conditions must be
obtained. However, most research has focused on axi-
ally loaded truss connections and connections between
HSS or concrete filled tube (CFT) columns and wide
flange beams, rather than HSS-to-HSS moment con-
nections in cyclic bending (Hajjar 2000, Kurobane
2000, Packer 2000, Nishiyama & Morino 2004).
In particular, to be able to use HSS beam mem-

bers in low-to-midrise HSS-to-HSS moment frame
systems, it is necessary to determine whether HSS
beam members can form stable plastic hinges under
cyclic bending and identify limiting parameters result-
ing in local buckling prior to yielding. Several seismic

design specifications, such as the American Insti-
tute of Steel Construction’s (AISC) Seismic Design
Specification (AISC 2005), require moment frames
to be capable of achieving specified interstory drift
levels without significant loss of capacity implying
inherent ductility in the connections and members.
AISC requires that moment connections in inter-
mediate moment frame (IMF) systems and special
moment frame (SMF) systems maintain at least 80%
of their moment capacity under interstory drifts of
2% and 4%, respectively (AISC 2005, 2006). Pre-
vious studies have considered the use of HSS beam
members under monotonically increasing loads and
noted the importance of the width-thickness (b/t),
depth-thickness (h/t), and aspect ratio (h/b) (Korol &
Hudoba 1972, Hasan & Hancock 1988, Wilkinson &
Hancock 1998). Recently, large-scale experimental
testing of HSS beam members has considered their
behavior under cyclic loading (Brescia et al. 2010, Fad-
den & McCormick 2012a). The cyclic testing results
revealed similar trends as seen during monotonic
testing of HSS and provided a preliminary understand-
ing of possible limiting width-thickness ratios and
depth-thickness ratios for stable hysteretic behavior.
In order to address the limitations of experimental

testing, several researchers have utilized finite element
models (FEM) to further understand HSS behavior.
Most finite element studies of HSS in bending have
considered the use of HSS in column applications.
Nakashima & Liu (2005) used FEM to study HSS
columns up to failurewith varying axial load ratios and
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found that the axial load ratio greatly affects the degra-
dation of the hysteretic behavior. Other HSS models
considered the behavior of CFT columns under cyclic
loads using a fiber element model, which utilizes con-
stitutive models for both the steel and concrete. The
model also has the capacity to include effects of con-
crete core confinement and local buckling of the steel
tube (Denavit et al. 2010). Models of HSS beammem-
bers under monotonic (Wilkinson & Hancock 2002)
and cyclic (Fadden & McCormick 2012b) loads have
also been developed considering experimentally mea-
sured material properties and imperfections of the
section geometry. Both of these studies reiterate the
importance of the b/t and h/t ratio on obtaining a
stable cyclic behavior, while also demonstrating a
need for further exploration of the overall hysteretic
behavior and limiting values.

1.2 Objective

The parametric analytical study described in this paper
addresses the current limited amount of experimental
data on the cyclic bending behavior of HSS members
by considering 133 cyclically loaded HSS beammem-
bers with a previously calibrated finite element model.
The model, which was calibrated to eleven cyclically
tested experimental beam sections using measured
material properties and geometric imperfections, has
been shown to be accurate in capturing the hysteretic
behavior (Fadden&McCormick 2012b).The paramet-
ric study considers the effect of geometric properties,
including the b/t, h/t, and h/b ratio, on the hysteretic
behavior and the degradation of the overall maximum
moment,Mmax, with continued cycling. Plots of degra-
dation behavior versus the h/t and b/t ratios provide
insight into the interdependence of the geometric prop-
erties on the reduction in hysteretic moment capacity
with continued cycling. A linear regression analysis
allows for predictions of the degradation behavior and
rotation capacity to be made, aiding in the selection of
sections suitable for seismic design.

2 FINITE ELEMENT MODELING OF HSS

2.1 Model setup

The HSSmembers used in the parametric cyclic bend-
ing study are modeled using Abaqus FEA (Version
6.8-1) (DSS 2008). The geometry of each section,
including the width, depth, and thickness is that which
is reported in the AISC Manual of Steel Construction
(AISC 2011).The corner radius is assumed to be twice
the thickness of the specified section (Figure 1).
The boundary conditions for the model simulate

a fixed-end cantilever beam. One end is completely
fixed,while the opposite end is allowed to displace ver-
tically according to the loading protocol. The loading
protocol simulates the effect of a far field earth-
quake. The protocol begins with three small rotation
levels, each consisting of six cycles, at increasing rota-
tions ranging from 0.00375 rad. to 0.0075 rad. This

Figure 1. Typical cross-section with relevant properties
labeled.

is followed by four cycles at 0.01 rad. The loading
protocol finishes with a set of two cycles at eight dif-
ferent increasing rotation levels between 0.015 rad.
and 0.08 rad.
The model mesh is divided into three sections for

improved efficiency: the fixed end region,which spans
from the fixed end to 304.8mm from the fixed end; the
25.4mm long transition region; and the displaced end
region, which includes the rest of the beam. The entire
beam is modeled using shell elements. The element
mesh size is optimized through a convergence study.
The fixed end region and displaced end region use rect-
angular elements of approximately 13mm square and
50mm square, respectively.Within these regions, S4R
elements are usedwhich are 4-node double curved thin
or thick shell elements that use reduced integration,
hourglass control, and consider finite member strains.
The transition region utilizes S3 elements, which are
3-node general-purpose shell elements that consider
finite membrane strains.
The calibrated finite element model utilizes mate-

rial properties obtained from experimental tensile tests
of the flats and corners of HSS members and includes
a kinematic hardening law and no strain rate effects.
The results of the material tests suggest that the stress-
strain behavior for all sections is consistent. As a
result for the finite element models, sections which
are 7.9mm or less in thickness use material proper-
ties from the HSS 203.2× 203.2× 6.4 stress-strain
behavior. The HSS 203.2× 203.2× 6.4 has a yield
stress, Fy, found using the 0.2% offset yield method,
of 434MPa and an ultimate strength, Fu, of 520 MPa
for the flats and a Fy of 560MPa and a Fu of 612 MPa
for the cold worked corners. Sections that are 9.5mm
thick or greater use material properties from the HSS
203.2× 152.4× 9.5 stress-strain behavior. The HSS
203.2× 152.4× 9.5 has a Fy of 411MPa and a Fu of
496MPa for the flats and a Fy of 517MPa and a Fu
of 582MPa for the corners (Fadden & McCormick
2012b).

2.2 Model calibration

In order to introduce a geometric instability into the
HSS beam to better simulate local buckling and cre-
ate a continuous buckling problem with no buckling
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Figure 2. Typical (a) eigenvalue buckling analysis mode
shape and (b) resulting buckled shape during cyclic bending
loads.

bifurcation, geometric imperfections are added to
perturb the mesh. The perturbations of the geome-
try are based on the mode shapes from an eigen-
value buckling analysis (Figure 2). The imperfections
allow for buckling to initiate before the critical load
is reached (DSS 2008). These perturbations cause
the model to have a similar buckled shape to that
observed during experimental testing of HSS in cyclic
bending.
To calibrate the geometric imperfection, the mag-

nitude of the imperfection is varied to find a value
that minimizes the average difference between the
experimentally recordedMmax (Fadden &McCormick
2012a) and the Mmax of the finite element model for
eleven sections which were previously tested exper-
imentally. The calibration considered the effect of
using no imperfection up to a maximum imperfec-
tion of 10.2mm and found an optimal value to be
5.1mm. However, some sections with b/t ≤ 14.2 and
h/t ≤ 19.9 performed betterwhen no imperfectionwas
included because the model already under-predicted
Mmax. This can be attributed to the fact these sections
had low b/t and h/t ratios and showed little buck-
ling during experimental testing. For this reason, the
calibrated model employed the following rule: when
b/t> 14.2 andh/t> 19.9, amaximum imperfection of
5.1mm is used,while all other sectionswith b/t ≤ 14.2
and h/t ≤ 19.9 used no imperfection.
Figure 3 shows a comparison of the experimental

and finite element analysis hysteretic behavior for the
HSS 203.2× 152.4× 6.4 and HSS 304.8× 152.4×
6.4 members. The results suggest that the finite ele-
ment analyses, which include a 5.1mm maximum
imperfection, match relatively close to the experimen-
tal hysteretic behavior. The HSS 304.8× 152.4× 6.4
reached a maximum moment of 217.2 kN-m during
experimental testing and 201.5 kN-m from the finite
element analysis, showing relatively good correlation.
The HSS 203.2× 152.4× 6.4 showed an even better
correlation with the experimental results attaining a
maximum moment of 115.6 kN-m during experimen-
tal testing and 117.6 kN-m from the analysis using the
calibrated finite element model. Overall, these results
are typical of the difference between the experimen-
tal and finite element analysis findings for all eleven
specimens that were compared and used to calibrate
the model.

Figure 3. Comparison of the experimental and finite ele-
ment analysis hysteresis for (a) HSS 203.2× 152.4× 6.4 and
(b) HSS 304.8× 152.4× 6.4.

Table 1. Parameters and considered values.

Parameter Values

w 50.8mm–356mm
d 129mm–508mm
t 4.8mm–15.9mm
b/t 7.0–31.5
h/t 16.4–52.0
h/b 1.0–5.23

2.3 HSS parametric study specimens

The parametric study considers 133 differentHSSwith
a wide range of sizes and thicknesses (Table 1). The
sections range in depth, d, from 129mm to 508mm; in
width, w, from 50.8mm to 356mm; and in thickness,
t, from 4.8mm to 15.9mm. This leads to considera-
tion of section sizes between HSS 152.4× 50.8× 4.8
andHSS 508× 304.8× 15.9, includingmany sections
smaller and larger than those that have been previously
tested experimentally (Fadden & McCormick 2012a).
These sections have geometric properties that fall

near the range of b/t and h/t ratios studied during
previous experimental testing (Fadden & McCormick
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Figure 4. Dispersion of parametric study specimens with
respect to their b/t and h/t ratios.

2012a), with the width-thickness ratio ranging from
7.0 to 31.5 and the depth-thickness ratio ranging from
16.4 to 52.0. Figure 4 shows the distribution of sec-
tions for the parametric study with respect to their b/t
and h/t ratios. The limits for specimens which have
been previously tested experimentally are given by the
rectangle. This wide range of sections allows for con-
sideration of many sections that might be suitable for
use in seismic moment frames systems. This allows
for a more detailed study of the limiting parameters
on the formation of stable plastic hinges during cyclic
bending.

3 HSS PARAMETRIC STUDY RESULTS

3.1 Hysteretic behavior

The moment-rotation hysteresis plots for all 133 sec-
tions are considered using the calibrated finite element
model. From the parametric study, the section with the
smallest Mmax is the HSS 152.4× 50.8× 4.8 with a
value of 38.1 kN-m,while theHSS508× 304.8× 15.9
has the largest Mmax of 1961.0 kN-m. Every section
showed some degradation of the maximum moment
with increased rotational demands. BetweenMmax and
the maximummoment measured during the first cycle
to 0.08 rad., the HSS 355.6× 254.0× 8.0 (b/t = 31.4
and h/t = 45.1) had the largest decrease in maximum
moment from 540.3 kN-m at 0.015 rad. to 207.4 kN-
m at 0.08 rad., a reduction of 62% of the maximum
moment. The HSS 304.8× 203.2× 15.9 (b/t = 7.33
and h/t = 17.7) showed the smallest amount of degra-
dation of Mmax at a rotation level of 0.08 rad. with
a decrease from 552.9 kN-m to 533.4 kN-m, a reduc-
tion of 9.8% of the maximummoment. The difference
in the amount of degradation for each section can be
attributed to the large difference in the b/t and h/t
ratios for the two sections.

Figure 5. Moment-rotation hysteresis from the cali-
brated FEM for (a) HSS 304.8× 304.8× 12.7, (b) HSS
254.0× 152.4× 8.0, and (c) HSS 304.8× 254.0× 9.5.

Normalized moment-rotation hysteresis plots are
shown in Figure 5 for the HSS 304.8× 304.8× 12.7,
HSS 254.0× 152.4× 8.0, and HSS 304.8× 254.0×
9.5. The theoretical value of the plastic moment is
determined using Mp =FyZ , where Fy is obtained
from the experimental coupon stress-strain curves
used to model the material behavior of the section
(Fadden and McCormick 2012b). The results from
the finite element analyses clearly show that HSS
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can produce stable hysteretic behavior over a range
of sizes and that the degradation of the maximum
moment is highly dependent on the local buckling
behavior and geometric properties. Of the three sec-
tions, the HSS 304.8× 304.8× 12.7 reached the high-
est overall normalized moment of 1.24, while the
HSS 304.8× 254.0× 9.5 had the lowest normalized
maximum moment of 1.18. For all of the 133 con-
sidered sections, the normalized moment capacities
are greater than 1.0 with a maximum of 1.40 and a
minimum of 1.01. This indicates that all analyzed sec-
tions formed plastic hinges prior to the occurrence of
local buckling. Comparing the three plotted sections,
the HSS 304.8× 304.8× 12.7 had the highest Mmax
of 746.7 kN-m and the HSS 254.0× 152.4× 8.0 had
the lowest Mmax of 246.4 kN-m, well above their the-
oretical plastic moment capacities. This suggests that
a large range of capacities are available for the use of
HSS in seismic design.
Further, the three plotted sections allow for a com-

parison of the effect of the b/t and h/t ratios on the
hysteretic behavior. A section with a moderate b/t
and h/t ratio, such as the HSS 254.0× 152.4× 8.0
with a b/t of 17.6 and h/t of 31.4, shows consistent
and stable degradation of the cyclic moment capac-
ity throughout cycling to the maximum rotation of
0.08 rad. The HSS 304.8× 254.0× 9.5, with a higher
b/t ratio of 25.7 and the same h/t ratio as the HSS
254.0× 152.4× 8.0, has a similar amount of degra-
dation of Mmax at 0.08 rad., but the loss of moment
capacity is much faster. For example, at 0.04 rad. the
HSS 245.0× 152.4× 8.0 loses 25.4% of Mmax, while
theHSS304.8× 254.0× 9.5 loses 32.4%ofMmax.The
HSS 304.8× 304.8× 12.7 has only a slight increase
in b/t ratio to 22.8 and a decrease in the h/t ratio
to 22.8 compared to the HSS 254.0× 152.4× 8.0.
The HSS 304.8× 304.8× 12.7 shows the most grad-
ual reduction of moment capacity with cycling of
the three sections shown in Figure 5. During the last
cycle (0.08 rad.), the normalized moment capacity
is considerably higher than the other sections shown
withM/Mp = 0.73 compared toM/Mp = 0.53 for the
HSS 254.0x152.4x8.0 and M/Mp = 0.59 for the HSS
304.8× 254.0× 9.5. Based on the comparison of the
three example sections, it is clear that HSS beam sec-
tions can develop large stable hysteretic loops if the b/t
and h/t ratios are limited. In addition, both the b/t and
h/t ratios have an interrelated effect on degradation
with continued cycling.

3.2 Maximum moment and rotational capacity

The degradation of the maximum moment capacity
with cycling has been shown to be highly dependent
on the b/t and h/t ratios. The effect of the geomet-
ric properties on the degradation of the maximum
moment capacity can be quantified for the 133 mod-
eled sections by considering the percent decrease of the
maximum moment measured at the 0.04 rad. rotation
cycle compared to the overall maximum moment for
all cycles. The 0.04 rad. cycle is chosen because it will

Figure 6. Degradation of Mmax at 0.04 rad. with respect to
(a) b/t and (b) h/t.

produce a rotation in the beam member greater than
the 0.04 rad. interstory drift level required by seismic
connection design guidelines (AISC 2005, 2006).
Figure 6 shows the percent degradation of Mmax

(in decimal form) for all modeled sections versus
their b/t and h/t ratios. The HSS 355.6× 254.0× 8.0
has the largest degradation of the maximum moment
at 0.04 rad., 44.9% of Mmax. The average percent
degradation of Mmax at 0.04 rad. for all sections
is 16.2%. Several sections show no degradation of
Mmax at a rotation of 0.04 rad., including the HSS
203.2× 76.2× 8.0, HSS 152.4× 101.6× 8.0, HSS
152.4× 76.2× 8.0, HSS 203.2× 101.6× 9.5,
HSS 177.8× 127.0× 9.5, HSS 177.8× 101.6× 9.5,
HSS254.0× 152.4× 12.7,HSS228.6× 127.0× 12.7,
and HSS 304.8× 152.4× 15.9. These sections have
average values of b/t and h/t of 8.7 and 18.5,
respectively.
In each figure, a linear regression line is plotted

which relates the b/t and h/t ratio to the percent degra-
dation of Mmax at 0.04 rad. (Equation 1 and 2). The
linear regression shows that the degradation is affected
by both the b/t and h/t ratio. Although, the b/t ratio
appears to have a larger effect on degradation com-
pared to the h/t ratio, their slopes are similar with
values of 0.011 and 0.010, respectively. The linear
regression analysis results suggest that a larger value of
h/t causes less degradation in the moment capacity at
0.04 rad. than the same value of b/t. This implies that
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the degradation ofmoment capacity ismore dependent
on the b/t ratio.

In addition to considering the degradation of a sec-
tion at a specified rotation level, it is also useful
to consider a rotation at which some percentage of
Mmax is preserved, such that stability of the plastic
hinge is maintained through continued cycling up to
this rotation level. In seismic design, strong column-
weak beam requirements specify that a majority of the
inelastic behavior occur in the beam member. For this
study it is then useful to consider a rotation capacity
at a reduction of 80% of Mmax, a typical limit used
to distinguish the required rotational capacity of seis-
mic moment frame systems. This limit can then be
extended to inter-story drift capacity in actual design
if needed.
The rotational capacity plots shown in Figure 7 rep-

resent the rotation of the last cycle in which 80% of
Mmax is still retained. For the 133 modeled sections,
theHSS152.4× 101.6× 8.0,HSS152.4× 76.2× 8.0,
HSS 254.0× 88.9× 9.5, HSS 203.2× 101.6× 9.5,
HSS 177.8× 101.6× 9.5, HSS 228.6× 127.0×
12.7, HSS 355.6× 152.4× 15.9, and HSS 304.8×
152.4× 15.9 did not degrade to 80% of their over-
all maximum moment capacity throughout the load-
ing protocol. These sections had an average b/t
and h/t of 8.7 and 13.6, respectively. The HSS
406.4× 203.2× 8.0 showed the fastest reduction in
moment capacity, reaching 80% of Mmax at the
0.022 rad. cycle. The average rotational capacity for
all 133 sections is 0.045 rad. suggesting that many sec-
tions can achieve suitable behavior under large cyclic
bending rotations.
Linear regression equations of the rotational capac-

ity at 80% of Mmax with respect to the b/t and h/t
ratios are shown in Equations 3 and 4, respectively.
The equations suggest an identical dependence on an
increase in the b/t and h/t ratio, since the slope of each
line is -0.0011. However, the b/t ratio tends to affect
the rotational capacity more than the h/t ratio because
a larger h/t ratio is required to cause the same amount
reduction in rotational capacity.

Equations 1-4 allow for prediction of both the per-
cent degradation of Mmax at 0.04 rad. (Deg0.04) and
the rotational capacity at 0.8Mmax (θ0.8Mmax). For each
value, the equations for both b/t and h/t should be
evaluated. When considering the percent degradation
of Mmax at 0.04 rad., the controlling value will be the
maximum of Equations 1 and 2. When predicting the
rotational capacity, the minimum value of Equations 3

Figure 7. Rotational capacity at 0.8Mmax with respect to (a)
b/t and (b) h/t.

and 4 should be chosen to find themaximum rotational
capacity at which 0.8Mmax is maintained.
Figure 8 provides a graphical representation of

Equations 1-4. The prediction of the degradation and
rotational capacity is only considered for sections
which fall within the bounds of the parametric study
with respect to b/t and h/t (Table 1). Figure 8(a) shows
that for most sections, Equation 1 will control the
degradation ofMmax at 0.04 rad. Similarly, when con-
sidering the rotational capacity at 0.8Mmax, Equation
3 controls for most sections producing a larger reduc-
tion in rotational capacity. In general, prediction of
the degradation and rotational capacity using the b/t
ratio will provide a more conservative estimate. These
relationships provide a useful connection between the
geometric properties and cyclic behavior. They can be
utilized as a tool to predict the expected behavior of a
section with continued cycling.

3.3 Aspect ratio

Previous studies have considered the effect of the h/b
ratio on local buckling and degradation of the moment
capacity (Wilkinson & Hancock 1998). Specifically,
this research noted that an increase in h/b leads
to higher h/t ratios and increased potential of local
buckling in the web. For all 133 sections considered,
the aspect ratio ranged between 1.0 for all square
sections and 5.23 for the highly rectangular HSS
304.8× 76.2× 8.0. The aspect ratio is compared to
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Figure 8. Prediction of the (a) degradation of the maximum
moment at 0.04 rad. and (b) rotational capacity at 0.08Mmax .

the degradation ofMmax at 0.04 rad. and the rotational
capacity at 0.08Mmax(Figure 9) in a similar manner as
the previous comparison for h/t and b/t.
Figure 9(a) displays the degradation of Mmax at

0.04 rad. versus the h/b ratio. Based on the distribu-
tion of the data, it is clear that there is no correlation
between the degradation of moment capacity and h/b.
Considering Figure 9(b), data is not uniformly scat-
tered suggesting that little correlation or trends exist
between h/b and the rotation level at which the capac-
ity decreases to 0.8Mmax. Based on these results, it
is concluded that unlike the b/t and h/t ratio, which
show a strong influence on the degradation of moment
capacity, h/b does not affect themoment capacity with
cycling. The results suggest that local buckling plays
the most significant role in the change in moment
capacity with continued cycling.

4 CONCLUSIONS

The results of a parametric finite element study of
133 different cyclically tested HSS beam members
is presented. The parametric study utilizes a previ-
ously calibrated finite element model that includes
geometric imperfections of the section geometry and

Figure 9. Effect of aspect ratio (h/b) on the (a) degrada-
tion of maximum moment and (b) the rotational capacity at
0.08Mmax .

experimentally measured material properties. All sec-
tions are cycled according to the same specified
far-field type earthquake loading protocol. The effect
of the b/t, h/t, and h/b ratios on the hysteretic behav-
ior resulting from cyclic bending loads was considered
with a focus on the degradation ofMmax at the 0.04 rad.
cycle and the rotational capacity at 80% of Mmax.
The parametric study provided moment-rotation

hysteresis curves for all sections. In general, all sec-
tions showed large open loops and stable, symmetric
behavior. Like previous experimental testing, both the
b/t and h/t affected the level of inelastic local buckling
observed in the HSS beam member. The degradation
of Mmax at 0.04 rad. for the 133 sections was com-
pared to the b/t and h/t ratios and it was found that
an increase in the b/t ratio had a slightly larger effect
on the degradation of Mmax than an increase in h/t.
Additionally, a smaller value of b/t than h/t causes
the same amount of degradation ofMmax. For the rota-
tional capacity at 0.8Mmax, an increase in the b/t and
h/t ratioswas found to have the same reduction in rota-
tional capacity. Again, it was found that a smaller b/t
ratio causes the same decrease in rotational capacity
as a larger h/tratio. Linear regression analyses pro-
vide equations to predict the degradation of moment
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capacity and rotational capacity, which can be useful
for design. Lastly, the aspect ratio (h/b) was found to
have no correlation with the degradation behavior or a
reduction in rotational capacity. These finding suggest
that there are suitable HSS beam members that can be
utilized for seismic moment frame systems.
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ABSTRACT: The main objective of this investigation is to present the finite element modelling of the dynamic
behaviour of tubular composite (steel-concrete) footbridges submitted to human walking vibrations. The inves-
tigated structural system was based on a tubular composite (steel-concrete) footbridge, spanning 82.5 m. The
structural model consists of tubular steel sections and a concrete slab. This investigation is carried out based
on correlations between the experimental results related to the footbridge dynamic response and those obtained
with finite element modelling. The finite element model enabled a complete dynamic evaluation of the tubular
footbridge in terms of human comfort and its associated vibration serviceability limit states. The peak accelera-
tions found in the present analysis indicated that the investigated tubular footbridge presented problems related
with human comfort. Hence it was detected that this type of structure can reach high vibration levels that can
compromise the footbridge user’s comfort.

1 INTRODUCTION

Tubular hollow sections are increasingly used in off-
shore structures, highway bridges, pedestrian foot-
bridges, large-span roofs and multi-storey buildings
due to their excellent properties and the associated
advances in fabrication technology.
The intensive use of tubular structural elements

in Brazil, such as the example depicted in Figure 1,
mainly due to its associated aesthetical and struc-
tural advantages, led designers to be focused on their
technologic and design issues.
Nowadays in Brazil, there is still a lack of code

that deals specifically with tubular design. This fact
induces designers to use other international tubu-
lar design codes. Consequently, their design methods
accuracy plays a fundamental role when economical
and safety points of view are considered. Addition-
ally, recent tubular joint studies indicate that further

Figure 1. Example of a tubular steel pedestrian footbridge
in Rio de Janeiro/RJ, Brazil.

research is needed, especially for particular geome-
tries. This is even more significant for some failure
modes where the collapse load predictions lead to
unsafe or uneconomical solutions.
Steel and composite tubular footbridges are cur-

rently subjected to dynamic actions with variable
magnitudes due to the pedestrian crossing on the con-
crete deck. These dynamic actions can generate the
initiation of fractures or even their propagation in the
structure. Depending on the magnitude and intensity,
these adverse effects can compromise the structural
system response and the reliability which may also
lead to a reduction of the expected footbridge service
life.
Generally, fatigue assessment procedures are usu-

ally based on S-N curves which relate a nominal or
geometric stress range S to the corresponding num-
ber N of load cycles to fatigue failure. In this situation
fatigue assessment refers to the nominal stress range
�σ in a tubular structural member.
The fatigue resistance is given according to a clas-

sification catalogue in the form of standardized S-N
curves. Structural details classified in this catalogue,
see e.g. Eurocode 3 Part 1.9 (2005), correspond specif-
ically to a situation of stress range, direction, crack
position, detail dimension and weld quality which had
been characteristic for the tests on which the classifi-
cation is based (Kuhlmann et al., 2003); (Leitão et al.,
2011).
The use of circular hollow section members as part

of the structure of pedestrian footbridges is a relatively
new constructional concept. During the last couple
years several steel-concrete composite footbridges had
been constructed in Brazil, as illustrated in Figure 1.
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Figure 2. Typical multiplanar K-joint with notations.

The typical cross-section of this type of pedestrian
footbridge generally consists of a tubular spatial truss
girder carrying the concrete deck slab, as presented
in Figure 1. The deck slab is connected directly to the
steel structure by either shear studs, concrete dowels or
in some cases where no top chord exists.At the bottom
chord of the tubular space truss four brace members
have to be connected to the continuous bottom chord.
This type of joint is usually namedK-joint, as depicted
in Figure 2 (Kuhlmann et al., 2003).
Steel and composite tubular footbridges can be sub-

jected to the material imperfections of its structural
elements, such as mechanical and metallurgic dis-
continuities. Such defects lead to cracking in these
structural elements. When these elements are sub-
jected to dynamic actions, the fatigue phenomenon
occurs and produces stress concentrations and possi-
ble fractures. These fractures are directly responsible
for reducing the local or global footbridge stabilities
or even its life service (Leitão et al., 2011).
On the other hand, the structural engineers experi-

ence and knowledge allied by the use newly developed
materials and technologies have produced tubular
steel and composite (steel-concrete) footbridges with
daring structures.
This fact have generated very slender tubular

steel and composite (steel-concrete) pedestrian foot-
bridges and consequently changed the serviceability
and ultimate limit states associated to their design. A
direct consequence of this design trend is a consider-
able increase of structural vibrations (Bachmann &
Ammann, 1987); (Chen, 1999); (Debona, 2011);
(Figueiredo et al., 2008); (Leitão et al., 2011); (Mur-
ray et al., 2003); (Pimentel et al., 2001); (Silva et al.
2007); (Varela, 2004); (Zúñiga, 2011).
Considering all aspects mentioned before, the main

objective of this investigation is to present the finite
element modelling of the dynamic behaviour of tubu-
lar composite (steel-concrete) footbridges submitted
to human walking vibration. Based on the results

obtained in this study, a fatigue assessment will be
performed, in order to evaluate the tubular footbridges
service life. Further research in this area is currently
being carried out.
The investigated structural model was based on a

tubular composite (steel-concrete) footbridge, span-
ning 82.5m. The structure is composed by three spans
(32.5m, 17.5m and 20.0m, respectively) and two
overhangs (7.50m and 5.0m, respectively). The struc-
tural system consists of tubular steel sections and
a concrete slab and is currently used for pedestrian
crossing (Debona, 2011); (Zúñiga, 2011).
The proposed computational model adopted the

usual mesh refinement techniques present in finite
element method simulations, based on the ANSYS
program (ANSYS, 2003).
The finite element model has been developed and

validated with the experimental results. This numer-
ical model enabled a complete dynamic evaluation
of the investigated tubular footbridge especially in
terms of human comfort and its associated vibration
serviceability limit states (Debona, 2011); (Zúñiga,
2011).
This investigation is carried out based on correla-

tions between the experimental results related to the
footbridge dynamic response and those obtained with
finite element models. The proposed computational
model adopted the usual mesh refinement techniques
present in finite element method simulations.
The structural system dynamic response, in terms

of peak accelerations, was obtained and compared to
the limiting values proposed by several authors and
design standards (ISO 2631/2, 1989); (Murray et al.,
2003).
The peak acceleration values found in the present

investigation indicated that the analysed tubular foot-
bridge presented problems related with human com-
fort. Hence it was detected that this type of structure
can reach high vibration levels that can compromise
the footbridge user’s comfort and especially its safety.

2 HUMANWALKING MODELLING

The present investigation was carried out based on a
more realistic loading model developed to incorporate
the dynamic effects induced by people walking. The
loading model considered the ascent and descending
movement of the human body effective mass at each
step and the position of the dynamic load (humanwalk-
ing load) was also changed according to the individual
position.
This dynamic loading model considers a space and

time variation of the dynamic action over the struc-
ture that is evaluated. Additionally, also incorporates
the transient effect due to the human heel impact, see
Equations 1 to 4 (Varela, 2004).
The proposedmathematicalmodel used to represent

the dynamical actions produced by people walking on
the floor slabs is not simply a Fourier series, due to the
fact that the mentioned equations also incorporate the
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Figure 3. Dynamic load function for one person walking
(fs =2.0Hz). Resonant harmonic of the walking load (3rd
harmonic: 3× 2.0Hz= 6.0Hz).

human heel impact effect (Varela, 2004); (Silva et al.
2007). The present investigation used a heel impact
factor equal to 1.12 (fmi = 1.12). However, it must be
emphasized that this value can vary substantially from
person-to-person (Debona, 2011); (Silva et al. 2007).

where Fm =maximum Fourier series value, given
by Equation 2; fmi = human heel impact factor;
Tp = step period; fs = step frequency; �= harmonic
phase angle; P= person’s weight; αi = dynamic
coefficient for the harmonic force; i= harmonic
multiple (i= 1, 2, 3, . . . , n); t = time; and C1 and
C2 = coefficients given by Equations 3 and 4.
The pedestrian motion on the tubular footbridge

was modelled based on the Equations 1 to 4 and four
harmonics were used to generate the dynamic forces
produced by human walking. Figure 3 illustrates the
dynamic load function for an individual walking at a
step frequency of 2.0Hz (fs = 2.0Hz).
Considering the investigated tubular footbridge, the

third harmonic with step frequency equal to 2.0Hz

Table 1. Forcing frequencies (fs), dynamic coefficients (αi)
and phase angles φi (Bachmann, H. & Ammann, W., 1987);
(Murray et al, 2003).

Harmonic i fs αi φi

1 1.6–2.2 0.50 0
2 3.2–4.4 0.20 π/2
3 4.8–6.6 0.10 π

4 6.4–8.8 0.05 3π/2

(fs = 2.0Hz) was considered the resonant harmonic of
the walking load (3× 2.0Hz= 6.0Hz). In this situ-
ation, the finite element mesh has to be very refined
and the contact time of application of the dynamic load
over the structure depends of the step distance and step
frequency, see Table 1.
The following strategy was adopted in this study:

a step distance equal to 0.75m corresponding to
the third harmonic with a step frequency of 2.0Hz
was used, see Table 1. The step period is equal to
1/fs = 1/2.0Hz= 0.50 s, corresponding to a distance
of 0.75m. This way, the adopted strategy consid-
ered three forces to model one human step and each
of the dynamic loads P1, P2 and P3 were applied
to the footbridge structure during 0.50/3= 0.1667 s,
corresponding to the contact time of each dynamic
load.
However, the dynamic forces were not simultane-

ously applied. The load application begins with the
first human step where the first load, P1 is applied for
0.1667 s, see Equations 1 to 4. At the end of this time
period, the load P1 becomes zero while the load P2
is subsequently applied for 0.1667 s. The process con-
tinues with the application of the other load P3, based
on the same procedure previously described, until the
end of the first step. At this point, the load P3 from
the first step is made equal to the load P1 of the sec-
ond step. The process continues with subsequent step
applications until all dynamic loads are applied along
the entire structure length. It can be concluded that all
the dynamic actions associatedwill be applied over the
structure.

3 INVESTIGATED STRUCTURAL MODEL

The structural model consists of tubular steel sections
and a 100mm concrete slab and is currently submit-
ted to human walking loads. The structure was based
on a tubular composite (steel-concrete) footbridge,
spanning 82.5m. The structure is composed by three
spans (32.5m, 17.5m and 20.0m, respectively) and
two overhangs (7.50m and 5.0m, respectively), see
Figure 4.
The steel sections used were welded wide flanges

(WWF) made with a 300 MPa yield stress steel grade.
A 2.05× 105 MPa Young’s modulus was adopted for
the tubular footbridge steel beams and columns. The
concrete slab has a 20 MPa specified compression
strength and a 2.13× 104 MPaYoung’s Modulus.
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Figure 4. Investigated structural model.

4 FINITE ELEMENT MODEL

The developed computational model adopted the usual
mesh refinement techniques present in finite element
method simulations, based on the ANSYS program
(ANSYS, 2003). The finite element model has been
developed and validated with the experimental results.
This model enabled a complete dynamic evaluation of
the investigated tubular footbridge especially in terms
of human comfort and its associated vibration ser-
viceability limit states (Debona, 2011), as presented
in Figure 5.
In this computational model, all steel tubular sec-

tions were represented by three-dimensional beam
elements (PIPE16 and BEAM44) with tension, com-
pression, torsion and bending capabilities. These ele-
ments have six degrees of freedom at each node:
translations in the nodal x, y, and z directions and
rotations about x, y, and z axes.
On the other hand, the reinforced concrete slab was

represented by shell finite elements (SHELL63). This
finite element has both bending and membrane capa-
bilities. Both in-plane and normal loads are permitted.
The element has six degrees of freedom at each node:
translations in the nodal x, y, and z directions and
rotations about the nodal x, y, and z axes.
The footbridge pier bearings were represented by

a non-linear rotational spring element (COMBIN39).
This element is a unidirectional element with nonlin-
ear generalized force-deflection capability that can be
used in any analysis.
The finite element model presented 71540 degrees

of freedom, 11938 nodes and 15280 finite elements
(BEAM44: 1056; PIPE16: 5642; SHELL63: 8580 and
COMBIN39: 8), see Figure 5. It was considered that
both structural elements (steel tubular sections and
concrete slab) have total interaction with an elastic
behaviour.

5 DYNAMICANALYSIS

Initially, the tubular composite (steel-concrete) foot-
bridge natural frequencies, vibration modes and peak
accelerations were determined based on experimen-
tal tests (Zúñiga, 2011). The peak acceleration values

Figure 5. Tubular footbridge finite element model.

Table 2. Tubular footbridge natural frequencies.

Natural frequencies (Hz) f01 f02 f03

Finite element modelling 1.61 2.12 5.39
Experimental results 1.56 2.34 5.08
Error (%) 3.20 9.40 6.10

Figure 6. Vibration mode associated with the 1st footbridge
natural frequency (f01 = 1.61Hz).

were obtained considering three types of human walk-
ing: slow walking, regular walking and fast walking
(Zúñiga, 2011).
In a second phase, the tubular composite (steel-

concrete) footbridge natural frequencies vibration
modes and peak accelerations were determined with
the aid of the numerical simulations, based on the finite
element method using theANSYS program (ANSYS,
2003).
It can be clearly noticed that there is a very good

agreement between the structural model natural fre-
quency values calculated using finite element sim-
ulations and the experimental results, see Table 2.
Such fact validates the finite element model here pre-
sented, as well as the results and conclusions obtained
throughout this investigation. The vibration modes of
the tubular footbridge are depicted in Figures 6 to 8.
When the tubular footbridge freely vibrates in a par-

ticular mode, it moves up and down with a certain
configuration or mode shape. Each footbridge natural
frequency has an associated mode shape.
It was verified that longitudinal amplitudes

were predominant in the fundamental vibration
mode (f01 = 1.61Hz), see Figure 6. In the second
mode shape lateral displacements were predominant
(f02 = 2.12Hz), as presented in Figure 7. On the other
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Figure 7. Vibrationmode associatedwith the 2nd footbridge
natural frequency (f02 = 2.12Hz).

Figure 8. Vibrationmode associatedwith the 3rd footbridge
natural frequency (f03 = 5.39Hz).

Figure 9. Tubular composite (steel-concrete) footbridge
investigated sections.

hand, in the third vibration mode (f03 = 5.39Hz), the
flexural effects were predominant, as illustrated in
Figure 8.
The finite element modelling follows with the eval-

uation of the footbridge performance in terms of vibra-
tion serviceability due to dynamic forces induced by
peoplewalking.The first step of this investigation con-
cerned in the determination of the tubular footbridge
peak accelerations, based on a linear time-domain
dynamic analysis.
The dynamic loading related to one person crossing

the tubular footbridge on the concrete slab centre, as
presented in Figure 3, was applied over 55.0 s and an
integration time step of 2× 10−3 s (�t= 2× 10−3 s)
was adopted in this investigation.
The peak accelerations were obtained at seven sec-

tions of the analysed structural model, as presented
in Figure 9. These maximum accelerations were com-
pared to the limits recommended by design codes (ISO
2631-2, 1989); (Murray et al., 2003).
In sequence, Figure 10 illustrates the tubular foot-

bridge dynamic response, along the time, related to
the section B (see Figure 9), when one pedestrian

Figure 10. Tubular footbridge acceleration response at sec-
tion B. One pedestrian crossing the concrete slab centre at
resonance. Regular walking.

Table 3. Structuralmodel peak accelerations corresponding
to individual walking.

Tubular footbridge peak accelerations (ap in m/s
2)

S slow walking
R regular walking
F fast walking

A B1 B B2 C D E

S 1.15 0.22 0.57 0.22 0.67 0.54 0.94
R 1.00 0.16 0.44 0.16 0.38 0.33 0.78
F 1.41 0.18 0.62 0.18 0.75 0.54 1.58

*alim = 1.5%g= 0.15m/s2: indoor footbridges
*alim = 5.0%g= 0.49m/s2: outdoor footbridges

crosses the footbridge in regular walking (resonance
condition).
Figure 10 presents the vertical acceleration versus

time graph for the tubular footbridge at section B (see
Figure 9). This figure shows that the vertical acceler-
ation gradually increase with time. In this particular
case, the third harmonic with a 2.0Hz step frequency
(fs = 2.0Hz), was thewalking load resonant harmonic.
The maximum acceleration value found at section

B (see Figure 9) was equal to 0.44m/s2. Figure 10
also indicates that from themoment that the pedestrian
leaves the footbridge span (Section B, see Figure 9),
when the time is approximately equal to 26 s, the struc-
tural dampingminimises the dynamic structuralmodel
response, as presented in Figure 10. This assertive
occurs in dynamic loading models that consider the
load spatial variation.
The peak acceleration analysis was focused in three

types of human walking: slow walking, regular walk-
ing and fast walking. Table 3 presents the maximum
accelerations (peak accelerations: ap in m/s

2), related
to seven sections of the investigated footbridge (A, B,
B1, B2, C, D and E), as illustrated in Figure 9.
The maximum acceleration values (peak accelera-

tions) are respectively equal to 1.41m/s2 (Section A),
0.62m/s2 (SectionB), 0.75m/s2 (SectionC), 0.54m/s2

(Section D) and 1.58m/s2 (Section E), see Table 3.
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These peak accelerations presented in Table 3 are
related to a pedestrian fast walking situation. It must
be emphasized that the limit acceleration value is equal
to 0.49m/s2, when outdoor footbridges are considered
in the analysis (ISO 2631-2, 1989); (Murray et al.,
2003).
Based on the finite element modelling of the tubu-

lar composite (steel-concrete) footbridge dynamic
behaviour, the numerical results presented in Table 3
indicated that the dynamic actions produced by human
walking led to peak accelerations higher than the lim-
iting values present in design code recommendations
(Outdoor footbridges: 5%g= 0.49m/s2) (ISO 2631-2,
1989); (Murray et al., 2003), as depicted in Table 3.

6 CONCLUSIONS

This contribution covers the application of tubular
structural elements in pedestrian footbridge design and
tries to give an overviewabout the evaluation of tubular
footbridges dynamic behaviour, objectifying to help
practical structural engineers to deal with this kind
of problem and to allow for a further application of
tubular structural elements in pedestrian footbridge
design.
The present study was carried out based on a

more realistic loading model developed to incorporate
the dynamic effects induced by people walking. The
loading model considered the ascent and descending
movement of the human body effective mass at each
step and the position of the dynamic load (humanwalk-
ing load) was also changed according to the individual
position. Additionally, also incorporates the transient
effect due to the human heel impact.
The proposed analysis methodology considered the

investigation of the dynamic behaviour, in terms of ser-
viceability limit states, of a tubular composite (steel-
concrete) footbridge, spanning 82.5m.The structure is
composed by three spans (32.5m, 17.5m and 20.0m,
respectively) and two overhangs (7.50m and 5.0m,
respectively). The structural system consists of tubu-
lar steel sections and a concrete slab and is currently
used for pedestrian crossing.
A computational model, based on the finite element

method, was developed using the ANSYS program.
This model enabled a complete dynamic evaluation
of the investigated tubular footbridge especially in
terms of human comfort and its associated vibration
serviceability limit states.
The results found throughout this investigation have

indicated that the dynamic actions produced by human
walking could generate peak accelerations that sur-
pass design criteria limits developed for ensuring
human comfort. Hence it was detected that this type of
structure can reach high vibration levels that can com-
promise the footbridge user’s comfort and especially
its safety.
The analysis methodology presented in this paper is

completely general and is the author’s intention to use
this solution strategy on other pedestrian footbridge

types and to investigate the fatigue problem. The
fatigue problem is a relevant issue and certainly much
more complicated and is influenced by several design
parameters and footbridge types. Further research in
this area is currently being carried out.
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Shape effect on structural fire behaviour of axially loaded Concrete Filled
Tubular (CFT) stub columns

X.H. Dai & D. Lam
School of Engineering, Design & Technology, University of Bradford, UK

ABSTRACT: Concrete Filled Tubular (CFT) columns have been extensively used in modern construction due
to their excellent structural efficiency such as high load bearing capacity, ductility, large energy-absorption
capacity and good structural fire behaviour. This paper presents the effect of the sectional shapes of concrete
filled steel tubular stub columns on their structural fire behaviour. Four different cross sectional shapes namely
Circular Hollow Section (CHS), Elliptical Hollow Section (EHS), SquareHollow Section (SHS) andRectangular
Hollow Section (RHS) are investigated. The CFT stub columns are divided into three groups by equal section
strength at ambient temperature, equal steel cross-sectional area and equal concrete core cross-sectional area.The
temperature distribution, critical temperature and fire exposing time of the composite columns are extracted by
numerical simulations usingABAQUS. Based on FE analysis, the effect of column sectional shapes on member
temperature distribution and structural fire behaviour are discussed. It shows concrete steel tubular column with
circular section possesses the best structural fire behaviour, followed by columns with elliptical, square and
rectangular sections. Finally, a simple formula is proposed for assessment of the ultimate axial compressive load
of stub concrete filled steel tube column in fire.

1 INTRODUCTION

Steel is a highly thermal conductive material, however
it loses strength and stiffness quickly when exposed to
fire. Therefore, it is vitally important to consider the
structural fire behaviour of steel and steel compos-
ite members to ensure that they have the appropriate
fire resistance. Various fire protection methods may
be adopted to promote the fire resistance ability. For
example, applying intumescent coating to the steel sur-
face is an effective approach, however it is expensive
and the intumescent coating itself does not provide any
structural strength to the structural elements. Concrete
being a thermal inert material and has been recog-
nized to provide an effective temperature sink which
could reduce the temperature of steel during fire.
Furthermore, the temperature of concrete core rises
much slower than that of steel tube thus the concrete
core may provide appropriate load bearing capacity
even when the steel tube has reached to its critical
temperature.
Researches on the structural fire behaviour of

concrete filled columns under different loads have
been extensively conducted. (Ding & Wang 2007,
Espinos & Gardner et al 2011, Han et al 2004,
Hong & Varma 2009, Huo et al 2009, Kodur 1998,
Schaumann et al 2009, Tao et al 2011, Wang 2005
and etc.). These included experimental studies and

numerical analyses for concrete filled steel tubular
columns with various member geometrical features,
material properties and under different loading condi-
tions, however very few addressed the effect of the
sectional shapes of concrete filled columns on the
structural behaviour at elevated temperature. Differ-
ent from concrete encased composite columns, the
steel tube of the concrete filled steel tubular col-
umn provides confinement to the concrete core which
enhances the concrete compressive strength, while
the concrete core restrained steel tube against local
buckling.The interaction between the steel hollow sec-
tion and concrete core may be different with different
sectional shapes. When the concrete filled steel tube
column subjected to fire, because the thermal proper-
ties of steel and concrete are dissimilar; the interaction
between the steel tube and the concrete core might
change.
The structural behaviour of concrete filled steel

tubular columnswith typical circular, elliptical, square
and rectangular section shapes at elevated tempera-
tures has been extensive studied. The critical temper-
ature of a structural member in fire and the ultimate
load of a structural member under design temperature
are important structural characteristics. For concrete
filled steel tubular columns, the material properties
and geometrical characteristics will dominate their
fire behaviour. To understand the performance of
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concrete filled steel tubular columns with various
cross sectional shapes in fires. The investigation pre-
sented in this paper discusses the temperature devel-
opment and critical temperature of concrete filled
steel tubular stub columns with four typical sectional
shapes. The critical temperature is defined as the
maximum steel tube temperature above which the
loaded stub column starts to experience a progressive
deformation.

2 MATERIAL PROPERTIES

The mechanical and thermal properties of steel and
concrete are very different. Although the strength and
stiffness of both steel and concrete will reduce at ele-
vated temperatures, comparing with steel, concrete
is general taken as a thermal inert material. In this
paper, all steel hollow sections are hot-finished, the
aim of the research presented in this paper is focused
on the effect of cross-sectional shapes to the structural
fire behaviour, and therefore, identical steel material
and concrete material were adopted for all selected
concrete filled steel tube columns with different sec-
tional shapes to eliminate the influence of the material
properties.

Figure 1. Stress-strain curves of steel and concrete at
elevated temperatures.

The stress-strain curve of steel material at room
temperature (20◦C) is defined by the curve T20 in Fig-
ure 1(a). For all steel tubes, the yield strength, fy is
assumed to be 350N/mm2. The initial elastic modu-
lus, Es is taken as 210GPa. The reduction factors for
strength and stiffness of steel at elevated temperatures
are in accordance to the BS EN 1993-1-2 for carbon
steel and as shown in Figure 1(a). For concrete at room
temperature, the maximum compressive strength, fc is
assumed to be 30MPa and the corresponding strain, εc
is taken as 0.0025. In Figure 1(b), the curve T20 gives
the stress-strain relationship of concrete at room tem-
perature. The reduction factors for concrete strength
and stiffness at elevated temperature are in accordance
to BS EN 1994-1-2 and Figure 1(b) shows the typi-
cal stress-strain curves of the normal weight concrete
at different temperatures. The thermal properties of
both steel and concrete are according to the thermal
properties of carbon steel and normal weight concrete
provided in the BS EN 1993-1-2 and BS EN 1994-1-2.

3 DESCRIPTION OF SELECTED
CONCRETE FILLED STEEL TUBULAR
STUB COLUMNS

To compare the effect of cross sectional shape to the
structural fire behaviour of concrete filled steel tubu-
lar columns, a series of concrete filled steel tubular
stub columns with four typical sectional shapes are
presented. Elliptical hollow sections (EHS), circular
hollow sections (CHS), square hollow sections (SHS)
and rectangular hollow sections (RHS) filledwith con-
crete are used in this paper. All selected stub columns
are of 500mm in length and with steel tube wall thick-
ness of 5mm.The longer diameter to shorter diameter
ratio for the EHS and longer side length to shorter
side length ratio for RHS are taken as 2. The selected
stub columns are divided into three groups by three
important aspects of the concrete filled steel tube
columns: sectional strength at ambient temperature,
steel cross sectional area and concrete cross sectional
area. Figure 2 shows four examples of selected stub
composite columns with 4 typical column sectional
shapes.The basic geometrical andmechanical features
of the selected composite columns are given inTable 1,
2 and 3.

Figure 2. Typical shapes of selected concrete filled steel
tubular stub columns.
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Table 1. Group1 – composite columns with equal section strength.

Column ID EHS CHS SHS RHS

Section 200× 100× 5 145× 5 123× 123× 5 169× 84.5× 5
dimension (mm) (2a× 2b× t) (D× t) (D×D× t) (D×B× t)

l (mm) 500 500 500 500
As (mm

2) 2278 2199 2360 2435
Ac (mm

2) 13430 14314 12769 11845
fy (N/mm2) 350 350 350 350
fc (MPa) 30 30 30 30
Ny (kN) 1200 1199 1209 1208

∗l: composite column length; As: steel tube cross sectional area; Ac: concrete core cross sectional area; fy: yield strength of
steel material at room temperature; fc: concrete compressive strength at room temperature; Ny: sectional strength of concrete
filled steel tubular column at room temperature.

Table 2. Group 2 – composite columns with equal steel section area.

Column ID EHS CHS1 SHS1 RHS1

Section 200× 100× 5 150× 5 118.9× 118.9× 5 158.5× 79.3× 5
dimension (mm) (2a× 2b× t) (D× t) (D×D× t) (D×B× t)

l (mm) 500 500 500 500
As (mm

2) 2278 2278 2278 2278
Ac (mm

2) 13430 15394 11895 10284
fy (N/mm2) 350 350 350 350
fc (MPa) 30 30 30 30
Ny (kN) 1200 1259 1154 1106

Table 3. Group 3 – composite columns with equal concrete section area.

Column ID EHS CHS2 SHS2 RHS2

Section 200× 100× 5 140.8× 5 125.9× 125.9× 5 179× 89.5× 5
dimension (mm) (2a× 2b× t) (D× t) (D×D× t) (D×B× t)

l (mm) 500 500 500 500
As (mm

2) 2278 2133 2418 2585
Ac (mm

2) 13430 13437 13433 13436
fy (N/mm2) 350 350 350 350
fc (MPa) 30 30 30 30
Ny (kN) 1200 1150 1249 1308

4 EFFECT OF SECTIONAL SHAPES TO
TEMPERATURE DEVELOPMENT

4.1 Thermal analysis procedure and validation

To obtain the structural fire behaviour of the compos-
ite columns under standard fire, the non-linear heat
transfer analysis using commercial softwareABAQUS
is first carried out to determine the temperature dis-
tribution of each selected composite column. Detailed
modelling procedure may be found from other litera-
tures. In this research, it is assumed that all selected
stub columns are exposed to a standard fire (ISO 834,
1975) for 60 minutes. During the fire exposure, heat
is transferred to the tube surface through convection

and radiation heat transfer mechanisms. The conduc-
tive coefficient of 25W/m2k recommended in BS EN
1991-1-2 is adopted. The effective surface emissiv-
ity of 0.5 and the configuration factor of 1.0 are
assumed. To simplify the heat transfer analysis, the
possibility of forming a gap between the steel tube
and concrete core during fire is not taken into consid-
eration and the heat flow is directly conducted from
steel tube to concrete core. To validate the accuracy
of the heat transfer analysis method adopted for the
research, temperature developments of the concrete
filled steel tubular columns under standard fire tests
observed by Ding (2007) are used. Figure 3 shows the
comparison of temperatures in the steel tubes (SS: at
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the middle location of sides of steel hollow section,
SC: at the corners of steel hollow section) and CC:
at concrete core centre) from experiments and those
predicted by numerical modelling, good agreement is
achieved although the numerically prediction slightly
underestimated the temperature development at the
concrete core centres. The difference between exper-
imental and numerical results might be resulted from
the assumed concrete thermal properties not being
completely identical to those of the tested specimens.

4.2 Comparison of temperature distributions of
concrete filled steel tubular columns with
different sectional shapes

After the heat transfer analysis method is verified, the
method is used to extract the temperature distribution
of selected concrete filled steel tubular columns. Fig-
ure 4 presents the temperature developments of steel
tube and concrete core centre for all selected com-
posite stub columns under 60 minutes standard fire
exposure. “ST” refers to the maximum temperature in
steel tube. “CC” refers to the temperature at the cen-
tre of the concrete core. The following behaviour of
the concrete filled steel tubular columns at elevated
temperature can be observed:

(1) For circular sectional shape, there is little variation
in the temperature of the steel with the maximum
difference of 4◦C. However for columns with
other sectional shapes, steel temperature at the

Figure 3. Comparison of numerical prediction and experi-
mental observation.

sharp corner is much higher than that at the side,
the maximum difference may reach 70◦C, 55◦C
and45◦Cfor rectangular, elliptical and square sec-
tions respectively. This is due to the sharp corner
having two intersected surfaces exposed to fire;
therefore more heat is conducted and radiated.

(2) Figure 4 shows the temperatures of steel tube and
concrete core centre changed with different col-
umn sectional shapes. It can be observed that if
four columns have equal section strength (Group
1), circular section is the best in fire resistance
followed by square section due to their lower tem-
peratures developed both in the steelwork and the
concrete core. The rectangular section appears to
be the worst due to the shortest heat conductive
distance from the exposed steel surface to the cen-
tre of the concrete core and have the least volume
of concrete. For columns with equal steel cross

Figure 4. Temperature development of the steel tube and
concrete core in 60 minutes standard fire exposing time.
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sectional areas (Group 2), circular section per-
forms much better than the rectangular section
whiles the performance of the elliptical and the
square sections were similar. For columns with
equal concrete cross sectional areas (Group 3),
it can be seen that the temperature at the centre
of the concrete core for column with circular and
square section were similar, which is lower than
the temperatures of the concretewith elliptical and
rectangular sections due to longer heat conducting
distances.

5 EFFECT OF SECTIONAL SHAPES TO
COMPRESSIVE BEHAVIOUR OF
CONCRETE FILLED STEELTUBULAR STUB
COLUMNSAT ELEVATED TEMPERATURES

5.1 Introduction

After completing the heat transfer analysis of all the
selected stub composite columns, the relationships
of temperature to fire exposing time for selected
column members are obtained, then a two steps non-
linear stress analysis is subsequently conducted using
ABAQUS. In the first step, the load is applied to the top
end of the stub composite column through a loading
plate at ambient temperature. This load is maintained
during the second step. In the second step, the nodal
temperatures of members are imported. In the non-
linear stress analysis, the interaction between the steel
tube and concrete core in normal direction is modelled
as “hard” contact pair mechanism, which allows pres-
sure to be transmitted when the surfaces are in contact.
In the tangent interaction, a friction coefficient of 0.3
is introduced to accounting for composite interaction
between steel tube and concrete core.

5.2 Comparison of critical temperature of concrete
filled steel tubular columns with different cross
sectional shapes

As mentioned in the previous section, the critical tem-
perature defined in this paper is the maximum steel
tube temperature just before the composite stub col-
umn experiences excessive deformation or crushing
failure. Figure 5 and 6 show examples of typical
relationships of the compressive displacement to fire
exposing time and maximum steel tube temperature.
The following points may be observed:
For columns with equal sectional strength (Group

1) and columns with equal steel cross-sectional area
(Group 2), the column with circular sectional shape
has the longest fire exposure time before failure. How-
ever, for columnswith equal concrete core area (Group
3), the fire exposure duration of columns with square
and rectangular sectional shape is longer than that of
columns with circular and elliptical sectional shapes
due to the latter with less steel section area.
For all selected columns in standard fires, if the

axial compressive load does not exceed 600 kN, the

Figure 5. Compressive displacement vs. fire exposing time
curves for composite columns with different sectional shapes
but with equal sectional strength.

Figure 6. Compressive displacement vs. maximum tube
temperature curves for identical composite columns being
applied different axial compressive loads.

thermal expansion dominates the stub column defor-
mation (characterized by the negative compressive
displacement at the column top) before the column
failed. Regardless of the sectional shapes, generally
the higher the axial compressive load applied, the lower
the critical temperature.
Figure 7 and 8 show the relationships of axial com-

pressive load ratio vs. maximum critical temperature
and fire exposure duration. It can be concluded that
the critical temperature decreases with the load ratio
increasing. Although for columns with different cross
sectional shapes, the critical temperatures are simi-
lar. However, by comparing the fire exposure time
before composite stub column experiencing progres-
sive deformation, it appears the column with circular
section has the longest fire exposure time following by
column with elliptical section. The column with rect-
angular sectional shape has the shortest fire exposure
time.

5.3 Simplified calculation method to maximum
axial compressive load of concrete filled steel
tube columns in fire to Eurocodes

When the concrete filled steel tubular column exposed
to fire, the temperature develops in the steel tube and
concrete core are different.The axial compressive load
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Figure 7. Relationship of axial compressive load ratio to
critical temperature (steel tube).

capacity of a composite column in fire may be simply
calculated by its sectional strength using equation (1):

Where Ny,f : sectional strength (kN) of a concrete
filled steel tubular column in fire; fy,θs: is the yield
strength (N/mm2) of steel material at temperature θs;
fc,θc is the concrete compressive strength (N/mm2) at
temperature θc.
When using the equation (1) to assess the maxi-

mum compressive load of the concrete filled steel tube
columns at elevated temperature, a problem arises in
how to determine the temperatures in steel and con-
crete core as they are different. It is reasonable to
assume that the temperature in steel is uniform and
therefore the design temperature from BS EN1993-
1-2 may be directly applied to equation (1) to obtain
the fy,θs. However, as shown in the previous section,

Figure 8. Relationship of axial compressive load ratio to
fire exposing time.

the temperatures of the concrete at different core loca-
tions are very different and difficult to predict. Using
multiple temperature values for concrete core in equa-
tion (1) to obtain the fc,θc will impair convenience and
directness of the formula. Therefore, to evaluate the
compressive capacity of the concrete filled steel tube
columns in fire using equation (1), it is proposed to
adopt a constant temperature for the whole concrete
core but not to compromise the calculation accuracy.
For the typical concrete filled steel tube columns
selected in this research, the thermal analyses show
that the average concrete core temperature is around
0.4∼ 0.8 times of the steel tube temperature within 60
minutes standard fire exposure, the actual temperature
distribution of concrete core is that the temperature in
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Figure 9. Comparison of FE modelling prediction and
simple calculation method.

the core centre is very low, but at the surface contact-
ing to the steel tube the concrete temperature is close
to the steel temperature.
To find the most appropriate constant concrete tem-

perature for equation (1) in design, a series of constant

concrete temperatures, from 0.3∼ 0.9 times of the
steel temperature are used to calculate the axial com-
pressive capacity or load ratio using equation (1) for
concrete filled steel tube stub columns with the afore-
mentioned hollow section shapes. The ratio vs. steel
temperature relationships are shown in Figure 9. In
addition, FE models (which considered the tempera-
ture distribution in concrete core by thermal transfer
analysis) are built to obtain the relations of steel tube
temperature with load ratio and verify the feasibility
and effectiveness of equation (1). Figure 9 shows that
the proposed equation (1) can be used to assess the
axial compressive capacity of stub concrete filled steel
tube columns by adopting a single constant concrete
temperature. The compressive load ratio is taken as
the rate of applied load to the maximum load capacity
of composite stub column at room temperature.When
the design steel temperature is specified, themaximum
load of a concrete filled steel tube column in stan-
dard fire can be obtained using the proposed equation.
However for different cross sectional shapes, the rate
of constant concrete core temperature to steel tempera-
ture is different.According to the research results given
in this paper, the authors proposed: θc = 0.7θs for con-
crete filled steel tube columns with CHS, θc = 0.6θs
for concrete filled steel tube columns with EHS and
θc = 0.45θs for concrete filled steel tube columns with
SHS and RHS. It must be noted, the section dimen-
sion of selected composite columns in this research
is not over 200mm, if a larger steel hollow section
size is used, with the concrete area increasing, the
average concrete core temperature might be lower,
and therefore using the proposed equation might be
conservative.

6 CONCLUSIONS

Concrete filled steel tubular columns have been exten-
sively used in modern construction practice owing
to that they utilize the most favourable properties of
both constituent materials and the composite action
between the steel hollow section and concrete core. It
has been recognized that concrete filled steel tubular
columns provide excellent structural properties such
as high load bearing capacity, ductility, large energy-
absorption capacity and good structural fire behaviour.
However, the structural behaviour of concrete-filled
tube columns is affected by many factors, such as geo-
metrical dimension, shapes, member material proper-
ties and load types etc. The research presented in this
paper numerically investigated the important struc-
tural fire behaviour of stub concrete filled steel tubular
columns with four typical column sectional shapes
through analysing and comparing the temperature dis-
tribution, critical temperature, fire exposing time of
a series of selected concrete filled steel tubular stub
columns. The stub columns are divided into three
groups by equal section strength at ambient tempera-
ture, equal steel cross sectional area and equal concrete
core cross sectional area. Based on the comparison and
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analysis carried out in the present study, the following
conclusions and comments could be drawn:

(1) For columns with different cross sectional shapes,
their temperature distributions in the steel tubes
are different. Only the temperatures of CHS are
evenly distributed. For concrete filled steel tubular
columns with RHS and SHS, the steel tempera-
ture at the sharp corner is higher than that at flat
sides. Obviously, this is a weakness for square and
rectangular concrete filled steel tubular columns
due to possible stress concentration might present
at sharp corners. However, if the maximum steel
temperature is taken as the critical temperature in
the design, the design is conservative.

(2) When compare themaximum temperatures at steel
tubes or the minimum temperatures at concrete
cores of concrete filled steel tubular columns
with equal section strength but different sectional
shapes, it appears the column with circular shape
come out top as both temperatures in steelwork
and concrete have the lowest temperatures than
those of columns with the other three sectional
shapes. The temperature in column with rectan-
gular section is the highest due to the column has
the shortest heat conductive distance from steel
surface to the concrete core centre and the least
volume of concrete.

(3) For columns with equal section strength at ambi-
ent temperature (Group 1) and columns with
equal steel sectional areas (Group 2), the columns
with circular sectional shape have the longest
fire exposing time before failure, followed by the
columns with elliptical sectional shape. Columns
with rectangular sectional shape are the worst in
fire resistant duration.This shows the advantage of
circular and elliptical sectional shapes. However
for columns with equal concrete core sectional
area (Group 3), the fire exposing durations of
columns with square and rectangular sectional
shapes are longer than those of columns with cir-
cular and elliptical sectional shapes due to the
increases in steel sectional areas. This indicates
the importance of steel sections to the concrete
filled composite columns in fire.

(4) Regardless of the sectional shapes, the higher
the axial compressive load applied, the lower the
critical temperature and shorter the fire expos-
ing duration.As expected, the critical temperature
decreases with the load ratio increasing.

(5) A simplified equation for evaluation the cross sec-
tion compressive capacity of a concrete filled steel
tubular column at elevated temperature is pro-
posed. The temperature of concrete core may be
constant and simply taken as 0.7 times the steel
temperature for circular CFT columns, 0.6 times
the steel temperature for elliptical CFT columns
and 0.45 times of steel temperature for square and
rectangular CFT columns.

(6) The actual concrete temperatures at some loca-
tions may be higher than the proposed aver-
age temperature, therefore using the proposed
constant temperature to replace the actually dis-
tributed concrete temperature might be overesti-
mated the rigidity of the cross-section. However,
this effect can be ignored when considering for
the capacity of the axial loaded stub columns but
must be taken into consideration for the analysis
of the slender member.
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An experimental study of the fire behaviour of slender concrete filled
circular hollow section columns
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ABSTRACT: This paper presents the results of a series of fire tests carried out on slender concrete filled
circular hollow section columns subjected to both concentric and eccentric loads. The columns tested had a
relative slenderness value at room temperature higher than 0.5 in most of the cases. A first series of 14 columns
were tested under concentric load and, on a second stage, another series of 24 columnswere tested under eccentric
load. Eccentricities of 20 and 50 mm were used. The influence of parameters such as the concrete grade (C30
and C90), load level (20% and 40%) and type of concrete filling (plain, bar reinforced and steel fiber reinforced
concrete) was investigated. Special attention was paid on the influence of using high strength concrete under
elevated temperatures and the effect of the addition of reinforcing bars or steel fibres. Through the results of
this series of fire tests, the accuracy of the current simple calculation model from Eurocode 4 was studied and
discussed.

1 INTRODUCTION

Concrete filled tubular (CFT) columns combine the
action of steel and concrete when carrying compres-
sive loads and moments showing an ideal structural
performance. While the steel tube confines the con-
crete core enhancing its compressive strength, the
concrete core prevents the steel section from local
buckling. In addition, CFT columns can reach high
fire resistance times without the need of external
protection (Twilt et al. 1996, Wang & Kodur 2000).
The use of high strength concrete (HSC) as infill-

ing in CFT columns has increased in recent years,
becoming a good alternative to normal strength con-
crete (NSC) in room temperature design. At ambient
temperature, high strength CFT columns show higher
load-bearing capacity than those columns filled with
traditional NSC. Results from Portolés et al. (2011a,b)
show the utility of the concrete contribution ratio for
different values of slenderness, concrete strength or
confinement index.
At elevated temperatures, although it is known that

HSC behaves differently from NSC (Schaumann et al.
2009), its performance is not yet completely defined.
When high strength concrete is subjected to elevated
temperatures, it is likely that spalling appears, affect-
ing its behaviour as it leads to a explosive deterioration
of the material due to the development of high inter-
nal pore pressures (Ali et al. 2010). The possibility of
this phenomenon to appear during a fire makes it nec-
essary to evaluate the convenience of using HSC as

infilling in hollow steel columns as it can affect their
fire resistance.
Whereas the fire behaviour of normal strength

CFT columns has been deeply investigated for years
(Lie 1994, Zha 2003, Renaud et al. 2003, Yin et al.
2006, Ding & Wang 2008, Hong & Varma 2009,
Espinos et al. 2010) and numerous test programs have
been carried out worldwide for both slender and non-
slender columns (Lie & Chabot 1992, Chabot and Lie
1992, Kordina & Klingsch 1983 and Park et al. 2007,
2008), extensive experimental programs specifically
designed for slender high strength CFT columns are
required, attending to the reduced number of results
found in the literature. Lu et al. (2009) studied the
effect of filling CFT stub columns with HSC, but did
not study its effect in slender columns. Only Hass et al.
(2000), Han et al. (2003) and Kodur & Latour (2005)
have performed some tests combing HSC and slender
CFTcolumns.Nevertheless, results from these authors
are not enough to evaluate the influence of the main
factors affecting the fire behaviour of high strength
CFT columns.
In this paper, results from an extensive experimen-

tal program on slender axially loaded CFT columns
exposed to fire are presented. The influence of param-
eters such as the concrete grade (C30 and C90),
load level (20% and 40%; 60% in some cases), type
of concrete filling (plain, bar reinforced and steel
fibre reinforced concrete, hereafter referred to as
C, RC, FC respectively) and load eccentricity was
investigated.
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2 EXPERIMENTAL PROGRAM

In this experimental program, 14 fire testswere carried
out on normal and high strength concrete-filled tubu-
lar columns under concentric axial load and another
24 columns were tested under eccentric loads, with
eccentricities of 20 and 50mm. The tests were carried
out in the fire laboratory of AIDICO (Instituto Tec-
nológico de la Construcción) in Valencia, Spain. The
aim of the experimental program was to investigate
the effects of four parameters on the fire behaviour of
CFT columns: concrete strength (fc), type of concrete
infilling (plain, reinforced and steel fibre reinforced
concrete), load level (μ) and load eccentricity (e).
According to the regular practice in construction, test
values of these parameters were selected. All the
columns were 3180mm long and had a diameter of
159mm and steel tube wall thickness of 6mm. The
columns were pinned at their top end and fixed at their
bottom end, and for the eccentrically loaded columns,
the eccentricity was only applied to the upper end.
The specimens were filled with concrete mixes of
30MPa (NSC) and 90MPa (HSC). For all tests, the
applied load was calculated as a percentage of the cor-
responding ultimate load at room temperature, which
was obtained bymeans of a validated numericalmodel.
According to the more common load levels found in
practice, values of 20% and 40% were used, although
in some cases a 60% was also employed. The tested
specimens with their material data, test load and fire
resistance ratings (FRR) are listed in Table 1 for con-
centric loads and Table 2 for eccentric loads. The
ultimate loads at ambient temperature can be derived
for each case as the test load divided by the applied
load level.
The tested specimens can be identified as follows:
NXXX-T-L-FF-EE-MM(e.g.C159-6-3-30-00-20),

where N stands for type of concrete (C= plain
concrete, RC= reinforced concrete and FC= fibre
reinforced concrete), XXX is the steel tube outer diam-
eter in mm, T the steel tube wall thickness in mm,

Table 1. Test properties and results, concentric load.

fc fy Load FRR
Test Name (MPa) (MPa) (kN) (min)

1 C159-6-3-30-00-20 35.75 337.8 198 42
2 C159-6-3-30-00-40 28.55 337.8 396 25
3 C159-6-3-30-00-60 34.05 337.8 594 14

4 C159-6-3-90-00-20 70.6 341.45 335 38
5 C159-6-3-90-00-40 68.7 341.45 670 11

6 RC159-6-3-30-00-20 23.9 337.8 229 43
7 RC159-6-3-30-00-40 30 337.8 458 30
8 RC159-6-3-30-00-60 33.7 337.8 687 13

9 RC159-6-3-90-00-20 68.7 337.8 343 65
10 RC159-6-3-90-00-40 77 337.8 720 19

11 FC159-6-3-30-00-20 28.3 337.8 198 37
12 FC159-6-3-30-00-40 26.7 334.4 396 22

13 FC159-6-3-90-00-20 93.1 337.8 335 36
14 FC159-6-3-90-00-40 89.9 334.4 670 16

L the nominal length of the column in meters, FF
the nominal concrete strength in MPa, EE is the load
eccentricity in millimetres andMM is the load level in
% of the maximum capacity at room temperature.
The tests were carried out in a 5× 3m furnace

equipped with a hydraulic jack of 1000 kN maximum
capacity.The columnswere placed vertically inside the
furnace, fixed at the bottom end and pinned at the top
end. Once the load was applied, it was kept constant
and the gas burners were then activated, following the
standard ISO-834 fire curve with unrestrained column
elongation.
The axial elongation of the columns was measured

by means of a LVDT located outside the furnace. A
general view of the furnace can be seen in Figure 1.
Figure 2 shows one of the tested columns after fail-

ure, where the deformed shape of the column after
its global buckling can be observed, together with a
detail of a local buckling that typically occurred close
to the mid-height of the column and the cracks in the
concrete areas under tension.
More details on the experimental program carried

out by the authors can be found in Romero et al.
(2011).

2.1 Steel

The cold formed circular steel hollow section columns
used in the experimental program were supplied
by a manufacturer. The steel grade was S275JR,

Table 2. Test properties and results, eccentric load.

fc fy Load FRR
Test Name (MPa) (MPa) (kN) (min)

15 C159-6-3-30-20-20 35.83 — 169 32
16 C159-6-3-30-20-40 42.17 332.031 337 16

17 C159-6-3-90-20-20 73.70 332.031 272 34
18 C159-6-3-90-20-40 74.64 343.628 544 11

19 C159-6-3-30-50-20 30.50 — 126 30
20 C159-6-3-30-50-40 38.25 365.651 253 23

21 C159-6-3-90-50-20 79.13 365.651 194 30
22 C159-6-3-90-50-40 98.32 365.651 388 16

23 RC159-6-3-30-20-20 39 357.221 180 48
24 RC159-6-3-30-20-40 40.38 357.221 360 24

25 RC159-6-3-90-20-20 93.67 357.221 264 48
26 RC159-6-3-90-20-40 96 386.376 528 23

27 RC159-6-3-30-50-20 31 386.376 140 39
28 RC159-6-3-30-50-40 39.50 386.376 280 20

29 RC159-6-3-90-50-20 92.97 315.221 204 40
30 RC159-6-3-90-50-40 91.87 315.221 407 16

31 FC159-6-3-30-20-20 34.67 315.221 169 31
32 FC159-6-3-30-20-40 31.50 337.767 337 17

33 FC159-6-3-90-20-20 87.12 337.767 272 23
34 FC159-6-3-90-20-40 83.04 337.767 544 13

35 FC159-6-3-30-50-20 33.00 318.638 126 30
36 FC159-6-3-30-50-40 37.65 318.638 253 19

37 FC159-6-3-90-50-20 96.99 318.638 194 29
38 FC159-6-3-90-50-40 92.78 326.394 388 15
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Figure 1. General view of the furnace.

Figure 2. Column after failure: a) Overall buckling of
the column, b) Local buckling at mid-height, c) Concrete
cracking.

nevertheless the real strength (fy) of the empty tubes
was obtained by performing the corresponding coupon
tests, and is summarized in Table 1 and Table 2. The
mean value of the steel modulus of elasticity was
210GPa according to the European standards.

2.2 Concrete

As mentioned above, the experimental program made
use of concrete mixtures of normal (30MPa) and high
strength concrete (90MPa).
In order to determine the compressive strength of

concrete, sets of concrete cylinders were prepared and

cured in standard conditions during 28 days.All cylin-
der samples were tested on the same day as the column
fire test. In Table 1 and Table 2 the cylinder com-
pressive strength of all the tested specimens can be
found.

2.3 Specimens

The column specimens were 3180mm long, having
all of them a relative slenderness at room temperature
higher than 0.5. All columns had an outer diameter
of 159mm and steel tube wall thickness of 6mm. For
each column, two ventilation holes of diameter 15 mm
were drilled in the wall of the steel hollow sections and
located at 100 mm from each column end. Steel end
plates of dimensions 300× 300× 15mmwere welded
to the column ends.
In order to register the temperature evolution within

the cross-section during the fire test, a set of five ther-
mocouples were located in the mid-length section of
the columns.
The reinforced concrete (RC) specimens had an

arrangement of four longitudinal reinforcing bars of
12mm diameter and 6mm stirrups with 30 cm spac-
ing. The geometrical reinforcement ratio was close to
a 2.5%.
The steel fiber reinforced (FC) specimens had a pro-

portion of 40Kg/m3 high strength Dramix 40/60 steel
fibers.

3 TEST RESULTS

3.1 Concentrically loaded columns

Figure 3 shows the evolution of the axial elongation
versus the time of the test, for all the columns subjected
to concentric axial load.
As expected, for both normal and high strength con-

crete, and for all type of reinforcements, the higher the
axial load level applied, the lower the fire resistance
rating (FRR) resulted.
FromFigure 3a all the column specimens filledwith

plain concrete can be compared. It can be observed that
for a certain load level, the fire resistancewas lower for
the HSC filled specimens, although it is important to
clarify that for the same load level, the HSC cases were
subjected to a higher axial load. It can be observed
in Figure 3a that the specimen with a μ= 0.4 and
filled with HSC (C159-6-3-90-00-40) had a different
behaviour, where the part of the curve corresponding
to the contribution of the concrete core was not found
(see Espinos et al. 2010 for a complete description of
the typical failure mode of CFT columns under fire).
This fact was also observed in the RC and FC speci-
mens (Figures 3b and 3c) with the same load level and
concrete strength combination. In all these cases the
failure occurred before the load could be transferred
to the concrete core, since its great magnitude made
the column fail when the steel tube was still sustaining
the whole applied load.
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Figure 3. Axial displacement versus time curves for con-
centrically loaded columns: a) C, b) RC, c) FC.

Figure 4. Axial displacement versus time curves for eccen-
trically loaded columns filled with plain concrete (C): a)
e= 20mm, b) e= 50mm.

Figure 5. Axial displacement versus time curves for eccen-
trically loaded columns filled with bar reinforced concrete
(RC): a) e= 20mm, b) e= 50mm.

In general, for the cases which used reinforcing
bars (RC), plotted in Figure 3b, the FRR was higher
compared to those filled with plain concrete, result-
ing specially improved for the RC159-6-3-90-00-20
(65min). It is worth noting that all bar reinforced spec-
imens were tested under a higher axial load (for the
same load level) than their plain concrete counterparts,
since their maximum capacity at room temperature
was also higher.
However, filling the columns with steel fibre rein-

forced concrete did not improve their fire resistance,
as can be seen in Figure 3c. In fact, while the axial load
applied to these columnswas the same than that of their
plain concrete counterparts, a lower fire resistancewas
obtained in some of the cases. An explanation can be
found in the temperature curves obtained from the ther-
mocouples (not shown in this paper for simplicity),
where a higher temperature was registered in the con-
crete for the FC specimens, which can be due to the
lowermoisture content in the fibre reinforced concrete
which affects directly to the heating up of the column
during the early stages of the fire tests.
Only for the column specimen with a higher axial

load level and high strength concrete (FC159-6-3-90-
00-40) a small increment was observed.

3.2 Eccentrically loaded columns

For those columns subjected to eccentric loads, the
results are plotted in Figures 4 to 6 in terms of the
evolution of the axial displacement of the top end of
the column along the fire exposure time.
Obviously, for a certain type of concrete filling, as

the load eccentricity was increased, the fire resistance
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time decreased, except in those cases where the mois-
ture content or the concrete strength was found higher
in the specimenwith the higher eccentricity, producing
the opposite effect (see tests 5-18-22).

Figure 6. Axial displacement versus time curves for eccen-
trically loaded columns filled with fiber-reinforced concrete
(FC): a) e= 20mm, b) e= 50mm.

Table 3. Comparison of the buckling resistance at the time of failure between EC4 and tests, concentric load.

Axial load (kN)

Column specimen TEST EC4 TEST/EC4 EC4(H) TEST/EC4(H)

Normal Strength Concrete
C159-6-3-30-0-20 198 257.58 0.77 241.54 0.82
C159-6-3-30-0-40 396 490.40 0.81 507.36 0.78
C159-6-3-30-0-60 594 706.38 0.84 705.94 0.84
RC159-6-3-30-0-20 229 352.83 0.65 283.74 0.81
RC159-6-3-30-0-40 458 391.31 1.17 353.42 1.30
RC159-6-3-30-0-60 687 1146.18 0.60 1030.35 0.67
FC159-6-3-30-0-20 198 267.94 0.74 293.99 0.67
FC159-6-3-30-0-40 396 360.74 1.10 418.47 0.95

Mean 0.83 0.85
Std. dev. 0.20 0.20

High Strength Concrete
C159-6-3-90-0-20 335 355.13 0.94 382.93 0.87
C159-6-3-90-0-40 670 1122.35 0.60 1128.86 0.59
RC159-6-3-90-0-20 343 328.45 1.04 234.35 1.46
RC159-6-3-90-0-40 720 727.01 0.99 736.38 0.98
FC159-6-3-90-0-20 335 443.12 0.76 541.05 0.62
FC159-6-3-90-0-40 670 1155.09 0.58 1263.36 0.53

Mean 0.82 0.84
Std. dev. 0.20 0.35

The fire resistance of theHSC specimenswas found
lower than that of the NSC specimens for the higher
load levels (40%), where in most cases the failure
occurred before the load was transferred to the con-
crete core, thus not taking advantage of its contribution
to sustain the applied load. Nevertheless, for a 20%
load level, the difference was not so clear, the HSC
specimens producing the same or higher fire resis-
tance times with a higher axial load applied (except
for tests 31 and 33).
From Figures 4 and 5, it can be inferred that the

addition of reinforcing bars produced a benefit in the
fire resistance, helping in some cases to avoid a pre-
mature failure of the column (see tests 24-26 versus
16-18), since the reinforcing bars improved the resis-
tance of the concrete areas into tension, allowing the
concrete to sustain the load for a certain time.
From Figure 6 it becomes clear that no special ben-

efit was obtained though the addition of steel fibres,
which leads to the same conclusion that was obtained
for the concentrically loaded specimens.
Therefore, it can be concluded that for slender CFT

columns no special benefit in the fire resistance is
found through the addition of steel fibers, while the
use of reinforcing bars can improve the fire perfor-
mance of these columns under both concentric and
eccentric loads, in some cases modifying their failure
mode and allowing the contribution of the concrete
core to sustain the load.
Regarding the use of high strength concrete, no

particularities were encountered in the corresponding
fire tests, without finding any evidences of the phe-
nomenon of spalling, since in this type of columns the
concrete core is protected from a direct exposure to
the fire by means of the steel tube.
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4 COMPARISONWITH EUROCODE 4

4.1 Concentrically loaded columns

In this section, the test results will be employed to
study and discuss the current provisions of EN1994-
1-2 (CEN 2005). This standard provides a method for
calculating the fire resistance of CFT columns sub-
jected to concentric and eccentric axial loads in its
Annex H. The field of application of the method is
C20/25-C40/50, so only columns with concrete cubic
strength under 50 MPa can be calculated, nevertheless
the application of the method for HSC specimens will
be intended here in order to check its validity in this
range of concrete strengths.
There is also a general simple calculation model

for composite columns present in EN1994-1-2 (Clause
4.3.5.1), nevertheless the values of the reduction coef-
ficients depending on the effect of the thermal stresses
are not specified in the code for CFT columns. In the
absence of predefined values, a common approach in
practice is to take them as equal to unity (Lennon et al.
2007). Both methods will be studied here, where EC4
stands for the general method in Clause 4.3.5.1 and
EC4(H) refers to the Annex H.
The elevated temperature strength reduction factors

for steel and concrete employed for this comparison

Table 4. Comparison of the buckling resistance at the time of failure between EC4 and tests, eccentric load.

Axial load (kN)

Column specimen TEST EC4 TEST/EC4 EC4(H) TEST/EC4(H)

Normal Strength Concrete
C159-6-3-30-20-20 169 103.91 1.63 124.47 1.36
C159-6-3-30-20-40 337 161.62 2.09 179.99 1.87
C159-6-3-30-50-20 126 57.45 2.19 57.81 2.18
C159-6-3-30-50-40 253 90.45 2.80 100.67 2.51
RC159-6-3-30-20-20 180 203.10 0.89 157.18 1.15
RC159-6-3-30-20-40 360 312.35 1.15 366.61 0.98
RC159-6-3-30-50-20 140 162.25 0.86 156.01 0.90
RC159-6-3-30-50-40 280 320.25 0.87 347.41 0.81
FC159-6-3-30-20-20 169 73.67 2.29 68.91 2.45
FC159-6-3-30-20-40 337 146.52 2.30 153.51 2.20
FC159-6-3-30-50-20 126 55.95 2.25 55.75 2.26
FC159-6-3-30-50-40 253 113.02 2.24 120.11 2.11

Mean 1.80 1.73
Std. dev. 0.68 0.65

High Strength Concrete
C159-6-3-90-20-20 272 131.45 2.07 178.78 1.52
C159-6-3-90-20-40 544 334.41 1.63 343.14 1.59
C159-6-3-90-50-20 194 99.16 1.96 125.74 1.54
C159-6-3-90-50-40 388 205.16 1.89 258.54 1.50
RC159-6-3-90-20-20 264 262.63 1.01 236.70 1.12
RC159-6-3-90-20-40 528 416.67 1.27 440.69 1.20
RC159-6-3-90-50-20 204 226.92 0.90 240.05 0.85
RC159-6-3-90-50-40 407 491.24 0.83 556.02 0.73
FC159-6-3-90-20-20 272 159.84 1.70 214.41 1.27
FC159-6-3-90-20-40 544 283.98 1.92 338.43 1.61
FC159-6-3-90-50-20 194 108.21 1.79 140.52 1.38
FC159-6-3-90-50-40 388 218.53 1.78 259.01 1.50

Mean 1.56 1.32
Std. dev. 0.44 0.29

were those in Table 3.2 and Table 3.3 of EN1994-1-2
(CEN 2005), respectively.
All the tested specimens were compared with the

predictions of the two approaches from EN1994-1-2
(CEN2005).The buckling resistance of the columns at
the time of test failure was obtained, and summarized
in Table 3 for concentric load. The errors were com-
puted as the test value divided by the prediction. It was
found that the two simplified models (general method
and Annex H) produced unsafe results, for both nor-
mal and high strength concrete with a mean value of
the error under 0.85 and high dispersion of results,
which demonstrates that the code does not produce
accurate results for slender columns loaded in axial
compression.
This result confirms the findings of previous inves-

tigations carried out by Aribert et al. (2008) and
Espinos et al. (2010, 2011), who found that EN1994-1-
2 simple calculation model leads to buckling load val-
ues which result unsafe for high column slenderness
under concentric loads.

4.2 Eccentrically loaded columns

With regard to the eccentrically loaded columns, a
comparison between the test results and the application
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of the simple calculation model can be found in Table
4. For eccentric loads, a method is given in Section
H.4 fromAnnexH of EN1994-1-2 (CEN 2005), where
the buckling resistance is calculated as for columns
without eccentricity, and afterwards two correction
coefficients are used, as a function of the percent-
age of reinforcement (ϕs) and the load eccentricity
(ϕδ), which are given by Figures H.1 and H.2 from
the referred Annex.
For all the eccentric columns analysed in this paper,

their buckling resistance at the time of failure were
obtained under the two approaches explained above
(Clause 4.3.5.1 andAnnexH) as if they were subjected
to concentric axial loads, and afterwards these loads
were corrected by means of the two coefficients (ϕs
and ϕδ) in order to obtain the corresponding buckling
resistance under eccentric loads.
As can be seen in Table 4, for eccentrically loaded

columns the two methods from EN1994-1-2 pro-
duced safe results (average value over 1 for both
approaches), but with high errors and elevated dis-
persion of results. Similar results were obtained under
the twoapproaches (EC4andEC4(H)), althoughwith a
lower average error anddispersion for the high strength
concrete filled specimens.
All the exposed above suggests that the current sim-

ple calculation model from EN1994-1-2 (CEN 2005)
should be revised for both concentric and eccentric
loads, and its applicability extended to higher concrete
grades.

5 CONCLUSIONS

Through the results of the fire testing program pre-
sented here, a series of conclusions on the fire
behaviour of slender CFT columns can be drawn.
Firstly, it can be concluded that in slender HSC

filled columns spalling does not occur, probably due to
the reduced duration of the fire tests and the reduced
size of the section, which does not allow the devel-
opment of high enough pore pressures inside the
concrete.
The use of steel fibres did not show an increase in

the fire resistance of normal or high strength concrete
filled columns, probably because the failure in most
of the tests was mainly due to the hollow steel column
premature buckling, the concrete filling only helping
to delay the heating of the column but not contribut-
ing to sustain the load. Nevertheless, an improvement
was found when adding reinforcing bars, under both
concentric and eccentric loads.
The current provisions of EN1994-1-2 (CEN 2005)

were compared with the results of this series of fire
tests, revealing that the method results unsafe for con-
centric loads when the slenderness of the columns is
elevated (over 0.5 in all the cases studied), whereas
under eccentric loads it turns to the safe side, but
producing elevated errors and dispersion of results.
Therefore, it is suggested here that the current simple

calculation model should be improved in the future by
means of test results and realistic numerical models.
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ABSTRACT: Steel beam-to-column connections are often damaged after an extreme loading. While steel
I-beam to square hollow section column connections are widely used in steel frame structures, hitherto the
behaviour of these connections subjected to the combined actions of earthquake and subsequent fire has not
been investigated. This paper addresses a robust nonlinear 3D Finite Element Modelling (FEM) which is able
to incorporate the behaviour of flexible I-beam to square hollow section column connections subjected to post-
earthquake fire. The nonlinear analysis is conducted in two steps, including cyclic load and thermal load, to
simulate the similar events which occur in real earthquakes. A numerical study is performed in which the
effects of different parameters such as the thermal profile and thermal gradients, and degree of damage due to
seismic loading are investigated. The developed finite element model will provide benchmark data for further
experimental investigations and numerical models and has a potential to be used in evaluating of existing steel
beam-to-column connection subjected to post-earthquake fire events.

1 INSTRUCTIONS

Earthquakes are one of the powerful nature hazards
and usually lead to various types of structure damages.
Moreover, it has been often followed by significant
conflagrations which resulted in extensive damage.
Records from historical earthquakes show that some-
times the damage caused by the subsequent fire can
be much severe than the damage caused by the ground
motion itself (Borden 1997). Due to the damages
induced by the earthquake including damage to the
structure, damage to fire protection of structural mem-
bers and damage to the non-structural fire protection
system (Chen et al. 2004), structures were vulnerable
in the subsequent induced fire after the earthquake.
Therefore, it is obvious that the safety of structures
under fire after an earthquake should be evaluated.
The behaviour of the connections subjected to either

seismic load or fire has been investigated in many
of previous research. Recent years, although some
researchers have investigated performances of struc-
tures subject to post-earthquake fire, the data is not
enough to understand the behaviour of various struc-
tural components under post–earthquake fire. The
results from investigation on steel frames under fire
after earthquake showed a significant influence of
earthquake on their fire resistance. Della Corte et al.
(2003) investigated the post-earthquake fire resistance
of steel frames. Modelling of frame structures was

carried out in which the geometrical and mechanical
damage effects by the earthquake were considered. In
the other researchwork,DellaCorte et al. (2005) inves-
tigated the behaviour of steel moment-resisting frames
with numerical analysis. Two building structural sys-
tems with multiple levels of earthquake intensities and
earthquake induced damage were considered. Yassin
et al. (2008) presented an analytical study of two-
dimensional steel frames under the effects of seismic
lateral loads and subsequent fire. The study revealed
that the post-earthquake fire performance of steel
frames was affected by the lateral deformation caused
by the seismic ground motion. Zaharia & Pintea
(2009a) presented the evaluation of the fire resistance
time for unprotected steel moment resisting frames
damaged by the earthquake, in which both standard
and natural fire scenarios were considered. Moderate
and severe seismic actions were used for designing the
steel structures. The methodology to evaluate the fire
resistance time of the structures which were damaged
by the earthquake was presented by Zaharia & Pintea
(2009b).
Moreover, Collier (2005) reported the quantifica-

tion of the reduction in the fire resistance of a series of
plasterboard lined lightweight timber and steel-framed
walls after being subjected to simulated earthquake.
Mostafaei & Kabeyasawa (2010) reported results of a
3D performance simulation of a six-story reinforced
concrete structure exposed to a fire after the shaking
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table test for the Kobe earthquake 1995. Braxtan &
Pessiki (2011) described damage patterns in sprayed
fire resistive material on steel moment frame beam-
column assemblages following a strong seismic event,
and the thermal consequences of this damage when
exposed to post-earthquake fire.
Although both geometrical and mechanical dam-

age will be caused by the earthquake it is usually
believed that only very large values of the peak
ground acceleration can influence the steel strength
and stiffness significantly. Then geometrical damage
mostly referring to the residual plastic deformation
is taken as the main damage of the structure compo-
nents induced by earthquake, while the steel strength
and stiffness degradation can be negligible when
the earthquake is not so severe (Della Corte et al.
2003; Yassin et al. 2008). The investigations on steel
frames mentioned above usually only consider the
connection rotation as the damage induced by earth-
quake. As the connections are so important to the
steel frames, it is necessary for us to understand the
behaviour of various connections and evaluate their
safety under the condition of post-earthquake fire,
but so far the related data is very limited. Bursi
et al. (2008a,b) and Alderighi et al. (2008) developed
the experimental and thermal numerical models for
undamaged and pre-damaged welded steel-concrete
composite beam-to-column joints with concrete-filled
tubes. Results showed the designed full-strength com-
posite joints possessed enough resisting capacity under
post-earthquake fire. Pucinotti et al. (2011a,b) pre-
sented and discussed an experimental program whilst
the results were obtained from seismic tests, pre-
damaged tests and fire tests on beam-to-column joints.
The pre-damagedwas induced by imposingmonotonic
loads equivalent to damage levels induced by seismic
loading.
Steel I-beam to square hollow section column con-

nections are widely used in steel frame structures.
Hitherto, the behaviour of these connections sub-
jected to the combined actions of earthquake and
subsequent fire has not been investigated, although a
post-earthquake fire is possible. This paper aims to
investigate the behaviour of unprotected flexible steel
I-beam to square hollow section column connections
subjected to the post-earthquake fire using a numerical
method.

2 FINITE ELEMENT MODELLINGAND
VERIFICATION

The FE modelling of connections under fire has been
presented by many researchers Lee et al. (2011),
Daryan &Yahyai (2009) and Al-Jabri et al. (2006). In
the previous work by Gerami et al. (2011), Kumar &
Rao (2006) and Pachoumis et al. (2009), the FE
modelling of connections under cyclic loading also
has been described. But the literature on the cyclic
loading and the subsequent fire is limited. The FE
modelling of the beam-to-column connections under

post-earthquake fire is carried out in this paper
using the finite element package ABAQUS as briefly
described in the following sections.

2.1 Material properties

The FE analysis in this paper mainly focuses on the
coupling of cyclic loading and the subsequent fire, in
which heat transfer analysis and stress-strain analysis
were combined to get the damage induced by earth-
quake and subsequent fire. The heat transfer analysis
was used to get the temperature distribution of the con-
nection under fire.As the thermal propertieswould not
be affected by cyclic loading, those for an independent
fire condition can be adopted in the post-earthquake
fire condition. It is assumed that the convection heat
transfer coefficient is 25W/m2K, and the radiation
heat transfer coefficient is 0.5W/m2K (ECCS 1988).
The specific heat (cs) and conductivity coefficient (κs)
are taken fromASCE manual (Lie 1992) so that

and

in which ρs is steel density taken as 7850 kg/m
3.

A bilinear strain-stress curvewas used for the cyclic
loading procedure under ambient temperature. Steel
strength and stiffness usually decreases at high tem-
perature environment. The thermal and mechanical
properties for modelling the fire responds of steel
connections vary with temperature. There were sev-
eral temperature-stress-strain curves proposed by EC
3, ASCE manual (Lie 1992) and Poh (2001) while the
comparison was listed by Kodur et al. (2010) using
published experimental results. The EC3 curve was
adopted by Al-Jabri et al. (2006), Mao et al. (2009),
Daryan & Yahyai (2009), Franssen (2004) and Qian
et al. (2009) for the material modelling, while the
ASCEmanual curve was used by Rahman et al. (2004)
and Heidarpour & Bradford (2009, 2010) in which the
ASCE manual curve (version 2) was adopted as the
description of steel stress-strain relationship indicated
such that

where,
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c3 = 12.5.The variation of yield stress and elasticmod-
ulus of steelwith temperaturewere taken fromAS4100
so that

and

where, T= temperature of the steel, fy(T)= yield
stress of steel at T◦C; fy(0)= yield stress of steel at
ambient temperature; E(T)=modulus of elasticity of
steel at T◦C; E(0)=modulus of elasticity of steel at
ambient temperature.
The elastic modulus and Poisson’s ratio at ambient

temperature are assumed to be 2.06× 105 MPa and
0.3, respectively. Steel thermal expansion coefficient
under elevating temperature was taken as temperature-
dependent data which is represented by (Lie 1992).

Pre-tension was not applied to the bolts during
the analytical study. The combined hardening crite-
rion was used to describe the kinematic hardening
behaviour of steel under cyclic loading and isotropic
hardening under the following fire. In the analysis, a
subroutine named asUSDFLDwas used to transfer the
material properties from bilinear stress-strain curve
at ambient temperature to the temperature dependent
strain-stress curves at elevated temperature once the
cyclic loading procedure is finished.

2.2 Element and contact relationship

A 3D solid element was used for all steel components
in the FE model. A reduced integration element with
suitable mesh leads to the good results and saved cal-
culation time. The C3D8R hexahedral element was
used. Meshing Analysis was carried out to make sure
the analysis is converged.
A surface-based interaction, with contact pressure

model in the normal direction and a coulomb friction
modelling in the tangential direction between the sur-
faces of the angle, beam and bolts was used. Friction
coefficient of 0.3 was used by Rahman et al. (2004),
0.25 by Sarraj et al. (2007), 0.1 by Al-Jabri et al.
(2006), 0.25 by Daryan &Yahyai (2009). Temperature

Figure 1. Comparison between test data (Shanmugam et al.
1991) and the FE modelling under cyclic loading: (a) con-
nection CT1; (b) connection CT2.

Figure 2. Fire loading comparison: (a) connection #1
and the section TB2 (Chung et al. 2010); (b) tempera-
ture-displacement relationship of TB2.

dependent friction coefficients were adopted by Lee
et al. (2011). In this paper, a coefficient of 0.25 was
adopted for the contacting pairs. Edges of the angle
were “tied” to the column face inABAQUS to simulate
the welding.

2.3 Verification

As the connection test under post-earthquake fire is
limited and the modelling method showed above can
be taken as two independent procedures under specific
parameters and definition, results from cyclic loading
and fire loading were used for the verification inde-
pendently. Two connections named as CT1 and CT2
tested by Shanmugam et al. (1991) were used to verify
the cyclicmodelling depicted inFigure 1. It can be seen
that the results obtained from FE modeling developed
in this paper is in a good agreementwith those reported
test data. Consequently, the cyclic loading modelling
can be used to generate reliable residual deformations
for the subsequent fire procedure.
The verification under fire was carried out using

the connection #1 tested by Chuang et al. (2010),
and temperature-displacement relationship of TB2 is
shown inFigure 2.Although the exact connection com-
ponents and heated areas have not been described in
detail, the difference between the numericalmodel and
the connection test is not significant so that, overall,
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the FEM result agrees well with the test data and can
be used to generate reliable deformation relationship
under fire procedure.

3 POST-EARTHQUAKE FIREANALYSIS

3.1 Geometry and parameters

The geometry and parameters of the connection
designed to be investigated under post-earthquake fire
are listed inTable 1.The details are showed in Figure 3.
The steel Grade C350 was used for the column,

angle and column end plates, and the steel Grade
300PLUS was used for the beam and stiffeners. The
yield stress of C350 steel was 360MPa, and that of
300PLUS steel was 320MPa (HRSSP 2003). Grade
8.8 of M10 bolts was adopted in this paper where
the nominal yield stress of G8.8 was assumed to be
640MPa.

3.2 Boundary condition and loading protocol

The beam-column connections investigated in this
paper were subjected to cyclic load followed by fire
. The cyclic load and the constant load in the fire were
applied on the top of the beam end. One end of the
column was assumed to be fully fixed in the furnace
while another one was fixed in all degrees of freedom

Figure 3. Geometrical details of the connection for FE
model.

Table 1. The geometry and properties of the connection components

Column Beam Angle

Section (mm) Grade Section (mm) Grade Section (mm) Bolt

200× 5 C350 200UB22.3 300PLUS 65× 6 8.8M10

expect in axial direction. The boundary condition and
the area of the beam which is subjected to fire are
shown in the Figure 4a. It is assumed that the beam
is subjected to fire from one side or both sides. The
fire follows the ISO834 standard elevated temperature
curve. The loading protocol recommended by AISC
(2005) was used in this paper for the cyclic loading
as shown in Figure 4b. The finite element model is
depicted inFigure 5whilst the total amount of elements
was 39603.

3.3 Behaviour at ambient temperature and the
post-earthquake damage

As depicted in Figure 6a the static behaviour of the
simple connection includes two stages. In the first
stage, the beam flanges are free to rotate due to the gap
between them and the column face. Bolts and the angle
contribute the resistance of the connection against
moment. If the bolt and angle are strong enough, when
the bottom flange contacts the column face the second
stage starts and the column face would help to resist
loading until failure occurs.

Figure 4. Loading status: (a) fire loading profile; (b) cyclic
loading protocol.

Figure 5. Finite element model of the simple connection.
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Figure 6. Moment-rotation relationships of the connection
subjected to static and cyclic loadings.

Figure 7. Positive residual rotation after cyclic loading.

Themoment-rotation relationship of the connection
subjected to the cyclic loading is shown in Figure 6b.
Residual drift rotation exists after several cycles cor-
responding to zero loading force, which is taken as
the main factor affecting post-earthquake behaviour
of the connection.The residual rotations related to dif-
ferent loading cycles following AISC standard, which
are assumed to be positive in clockwise direction, are
shown in Figure 7. As the same amplitude is applied
to two cycles after the 22nd loading cycle, the adja-
cent two cycles have the similar residual rotation. The
residual rotation increases with the increasing of cycle
numbers and the amplitude.Thedifferent residual rota-
tion can be taken as the pre-damage characteristic
which depends on the earthquake intensity.

3.4 Heat transfer analysis

Considering the same heat transfer procedure under
fire and post-earthquake fire condition, the tempera-
ture distribution of the connection under ISO834 fire
is depicted in Figures 8 and 9. Due to the density dis-
tribution of the components and the fact that whether
the connection is subjected to fire at both sides of the
beam section, the magnitude of the temperature varies
at different parts of the connection. It is seen that the
temperature distribution is symmetric when the con-
nection is subjected to fire at both sides of the beam,

Figure 8. Temperature distribution when the connection
is subjected to fire at both sides of the beam: (a) steel
connection; (b) average section temperature.

Figure 9. Temperature distribution when the connection is
subjected to fire at one side of the beam: (a) steel connection;
(b) average section temperature.

but in the single-side fire the temperature of the fired
side is much higher than another side. As shown in
Figures 8b and 9b, the average temperature of the beam
section is elevated faster than other parts, and the con-
nection temperature under single-side fire is elevated
lower than that under when both sides of the beam
are subjected to fire. The connection temperature was
lower than the ambient ISO temperature at the begin-
ning of the fire loading, but tended to be the same at
the time of 1800s.

3.5 Post-earthquake analysis

In the post-earthquake fire and independent fire anal-
yses, 1/4 of the static load (pointA in Fig.6a) in which
the bottom flange contacts the column face is taken as
the constant static load applied to the beam end. Dur-
ing the post-earthquake analysis a series of the cycle
numbers 20, 25, 30 and 35 are selected to simulate
different earthquake intensity.
The connection rotation or deformation of beam

end was usually used as the damage criterion. The
column face deformation is also used as damage crite-
rion for T connections (Zhao 2000). In this paper, the
ISO terminating status is taken as damage criterion
which defined as the deflection ratio on the beam end
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Figure 10. Time-rotation relationship of the original con-
nection under fire without beam axial restraint: (a) dou-
ble-side fire; (b) single-side fire.

exceeds L2/900 h (mm/min) or the maximum deflec-
tion achieves L2/800 h or L/30 (mm), in which L is the
effective span of the beam and h is the height of beam
section.

3.5.1 Independent fire loading
The time-rotation relationship of the connection with-
out beam axial restraint under fire is depicted in Figure
10. The deformation of the connection under single-
side fire decreases apparently at the beginning of the
fire, due to the single side expansion. The ISO834 ter-
minating status was taken as the criterion to determine
the surviving time under fire.

3.5.2 Post-earthquake fire loading
Figure 11 shows the variation of the rotation of the
connection with respect to time when it is subjected to
post-earthquake fire on one side or both sides of the
beam element.
The surviving time of the connectionswithout beam

axial restraint is shown in Figure 12 for different
earthquake intensity. It is evident that when the earth-
quake intensity increases the residual deformation
increases. Thus, taking considering the deformation
limitation, the connection is damaged soon after earth-
quake. Since the cyclic amplitude is not too large and
the cycle number N< 25 is not large enough, there-
fore the residual deformation is small and therefore
does not have significant effect on the surviving time
under fire. When the number of cycles N is larger
than 25, the residual deformation will be larger so
that the fire resistance time of the connection under
post-earthquake fire is shorter than the undamaged
connection when it is subjected to fire only. As shown
in Figure 12, the surviving time of the connection
after 30 loading cycles when it is subjected to fire
at both sides of the beam is only half of the corre-
sponding value for the undamaged connection which
is subjected to fire only. For the condition that fire
is on one side of the beam after 30 loading cycles,
the surviving time is about 3/4 of the corresponding
undamaged connectionwhen it is subjected to elevated
temperatures. Furthermore, it can be seen from Fig-
ure 11 that when the connection is subjected to severe
earthquake (35≤N) it gets fully damaged such that
post-earthquake fire is not meaningful.

Figure 11. Results of post-earthquake fire loading: (a)
double-side fire; (b) single-side fire.

Figure 12. Comparison of the surviving time under fire.

3.5.3 Effect of beam axial restraint
The axial restraint effect was also investigated using
the undamaged connections. In a steel frame, the steel
beam is continuous and is connected to the columns
so that at elevated temperature axial force exists in the
beam due to expansion and the axial restraint provided
by the columns. When an axial restraint is applied to
the beam end, the restraint force of the beam affects
the stress/strain status of the connection area and leads
to different connection performance.
The temperature related time-rotation curves of

undamaged connection with beam axial restraint are
depicted in Figure13a. Figure 13b shows the variation
of axial restraint force under ISO834 fire. It can be
seen that due to the compression force induced by the
axial restraint, which causes the buckling of the col-
umn face at about 1800s, the surviving time of the
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Figure 13. Temperature related curves of the undam-
aged connection under fire with beam axial restraint: (a)
time-rotation relationships; (b) axial restraint force.

connection with axial restraint is significantly shorter
than the connection without axial restraint.
For the connections damaged in the earthquake,

beam axial force due to the restraints will also have
significant influence on the behavior under fire load-
ing as it was shown for the undamaged connections.
The detail of the effect of axial restraint on the behavior
of damaged connections will be shown in the further
work.

4 CONCLUSION

This paper addressed a finite element model to inves-
tigate the behaviour of I-beam to box-column connec-
tions under post-earthquake fire where the connection
deformation was taken as the main damage caused
by earthquake. Based on the selected AISC cyclic
loading procedure, the residual deformation after dif-
ferent earthquake intensity was calculated. Prior to
post-earthquake fire analysis, static loading and heat
transfer analysis were carried out to get the static
behavior and temperature distribution. The damaged
and undamaged connections were then analyzed using
the proposed FEM method under fire and compared
with each other.
The influence of earthquake intensity on the con-

nections under fire was investigated. It was found
that the surviving time of the connection subjected to
severe earthquake will be significantly shorter than
the undamaged or moderate-damaged connections.
Furthermore, the effect of beam axial restraint on
undamged connection was also investigated. It was

shown that the restraint force has significant effect
on the behaviour of the connection. Due to the limited
test data available in the literature, tests will be carried
out in future to investigate the behaviour I-beam to
box-column connections under post-earthquake fire.

5 SYMBOLS

E(0) the elastic modulus of steel at ambient
temperature

E(T) the elastic modulus of steel at T◦
Es,T the elastic modulus of steel at T

◦
fy(T) yield stress of steel at T◦
fy(0) yield stress of steel at ambient temperature
T the temperature
αs Steel thermal expansion coefficient
εe the strain of steel
εp the strain corresponding to σy
σ the stress of steel
σy,T the yield stress of steel at T

◦
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Performance of CHS T-joints in a standard fire test
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ABSTRACT: This paper presents the performance of Circular Hollow Section (CHS) T-joints in a standard
fire test. Both the experimental and numerical investigations were conducted. In the experimental programme,
four T-joints, with two different brace-to-chord diameter ratios, were tested under two types of external loadings
i.e. brace axial compression and in-plane bending. The fire was simulated using an electrical heating furnace
with temperature following a standard ISO-834 fire curve. Thermal restraints were provided on the two ends of
the chords. Temperature distributions, axial deformation, limiting temperature of steel and fire endurance of the
CHS T-joints were measured. In the numerical study, finite element models of the joints were developed. Good
agreement between results obtained from the experimental programmeandnumerical analysis shows the accuracy
and validity of the FE models. The verified FE models were then used to compare fire resistance of other six
T-joints which had difference β values.

1 INTRODUCTION

The behaviour of tubular joints always requires greater
attention because of their complexity in stress distri-
bution as a result of geometric discontinuity. Based
on their structural geometries and load paths, tubular
joints are classified in many categories from simple
joints such as T-, X- and K-joints to complex multi-
planar joints. For the most basic and frequently used
tubular joints, such as T-joints, there have been exten-
sive studies on their structural behaviour and joint
strength from the first few tests of Toprac (1961) to
massive investigation in 80s and 90s (Kurobane et al.
1984; Togo 1967;Van derVegte andWardenier 1995).
A huge database, summarized by Packer (1985) and
then updated by Makino et al. (1996), is now a back-
bone for many design codes such as EC3:P1.8 (1993),
CIDECT (2010) and IIW (2009).
More recently, the investigation on behaviour of

CHST-joints are focusing on four main streams: thick-
walled joints (Choo and Qian 2005), joints with initial
cracks (Zerbst et al. 2002), effects of chord stresses
(Van der Vegte and Makino 2006; Van der Vegte et al.
2010), and the reinforced joints (Fung et al. 2002).
However, very limited information is available on

performance of the joints under fire conditions. After
many fire catastrophes involving offshore structures,
fire performance of tubular structures is concerned.
Recently, isolated members gained more research
attention (Lin and Tao 2007; Lin and Han 2005;Yang
and Han 2005; Zhao et al. 2005). For T-joints, the
available information is limited.Two studies have been
carried out byYu at al. (Yu et al. 2011) who presented
an experimental study on mechanical behaviour of an
impacted joint; and Jin et al. (Jin et al. 2011) who

introduced a planar tubular truss under fire. However,
the failure mechanism and performance of individual
CHST-joints at elevated temperature when the joint is
subjected to a static load has not been investigated.
This paper presents the first research attempt to

investigate the fire resistance of T-joints subjected to
static loads. The study includes two parts: (1) standard
fire tests conducted on four full-scale T-joints under
two separate loading conditions and (2) finite element
(FE) models to predict the behaviour of the joints.
The tests provide first hand information on the perfor-
mance of the joints. They also serve as calibration for
FE analyses. In the test, the fire resistance of T-joints
with difference brace-to-chord diameter ratios was
experimentally determined to vary from 10–14 min-
utes with critical temperatures were 650–700◦C for
the 4 tested joints. By comparing the test results with
the numerical analyses, a good agreement was found
showing the accuracy and validity of the FE models.
The FE models were also used to obtain the fire resis-
tance of six otherT-jointswith different brace-to-chord
diameter ratio (β= d/D) values. The verified models
thenwere used to performedparametric analysiswhich
will be reported in the future.

2 TEST PROGRAMME

The tests presented in this paper are part of a research
project that consists of 70T-joints both experimentally
and numerically. The project focused on the structural
behaviour and fire resistance of T-joints with differ-
ent β and subjected to (a) brace axial compression or
(b) in-plane bending. This paper presents four full-
scale test results and other eight numerical analyses of
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Table 1. CHS T-joint configurations subjected to the standard fire ISO 834.

CHS T-joints subjected to the two separated loading
conditions.
The specimen notations and joint configuration are

shown onTable 1. For all joints in the research project,
the chord diameter (D) was kept at 244.5mm, and the
brace-to-chord diameter ratios β ranged from 0.79 to
0.47. For the four tested joints considered in the cur-
rent paper, the values of β were 0.47 and 0.69. Chord
length-to-radius ratio (α= 2L/D)was 18 to avoid short
chord effects (van der Valk 1988) and the brace-to-
chord thickness ratio (τ= t/T ) was 1.0 with the chord
thickness as 6.3mm.The specimenswere namedbased
on their loading condition (BC for axial compression,
IB for in-plane bending) followed by the type of joint
(T), and the value of β. They were all tested under the
ISO standard fire condition.

2.1 Test set-up

The tests were conducted at the Construction Annex
Laboratory of NanyangTechnological University. Fig-
ure 1 shows the test frame and the electric heating
furnace. The specimen set up is presented in a 3D
sketch with transparent furnace side walls for (a) brace
axial compression and (b) in-plane bending. The CHS
T-joint specimens were erected to the middle of the
furnace. Both sides of the chord extended outside the
furnace and the two ends were fixed to the upright
column flanges of the two A-frames with sixteen
30mm-diameter bolts. These frames acted as fixed
supports and provided thermal restrained to theT-joint.
For brace axial compression, external loadwas applied
to the joint through a hydraulic jack placed at the cen-
ter of the reaction frame. It should be noted that the
jack could only generate compression forces through
a manual- pump. For brace axial compression cases,
the load was transferred directly to the brace as shown
in Figure 1a. For in-plane bending cases, the load was
transferred to the top of the brace via a pin-pin rod
which provided load stability throughout the test as
shown in Figure 1b. The dimensions of the opening on
the furnace top were large enough to allow for bending
of the brace.
The development of fire was simulated in an one-

cubic-meter internal volume electric heating furnace
of which the temperature-time relationship could be
controlled precisely. The T-joints could be subjected
to a fire conformed to EN:1363 .(1999), which states
that specified specimens should be stressed to the

Figure 1. Overall test setup of the CHS T-joints in the stan-
dard fire test: a) Brace axial compression and b) In-plane
bending.

required load level before they are heated up following
a standard fire curve given

where T is the surrounding temperature at time t in
degree Celsius, and t is fire exposure time in minutes.
The simulation of the standard fire test was confirmed
by trial tests. Figure 2 shows the comparison of the
standard fire curve with the heating generated by the
furnace. At the early stage the furnace temperature
was lower than the specified curve by 5 to 10◦Cwhich
was within the tolerance limit of 15% stated in EN
1636-1 (1999). Therefore, it was concluded that the
standard fire could be simulated by the electric heating
furnace. In addition, the temperature uniformitywithin
the furnace was also confirmed by the test, in which
18 thermocouples were installed around the furnace.
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Figure 2. Temperature distribution on joint IB.T.069.ISO
subjected to the standard fire.

Figure 3. Instrumentation locations on specimens.

2.2 Measurement

Since the joints were tested within a well-insulated
furnace, the joint behaviour should be captured using
a high temperature heat resistance instrument. The
layout of instrumentation is illustrated in Figure 3.
Strains at two sections near the chord support locations
were obtained through high-temperature heat-resistant
strain gauges (S1 to S8). These gauges could pro-
vide high accuracy readings up to a temperature of
1100◦C. It should be noted that at elevated tem-
perature, the strain-gauge readings included thermal-
expansion strain of steel material. Therefore, free-
thermal-expansion strain was subtracted from the total
measured strains. Based on the actual strains, the
restrained forces on both sides of the chord ends can
be calculated.
Nine type K mineral insulated thermocouple wires

were used to measure the temperatures on the speci-
mens as well as in the furnace interior.The thermocou-
ples were arranged across the section of the specimens
such that the temperature at the joint region could be
captured.
For joints under axial compression loading, the rel-

ative deformations were obtained through reading of
L5, L7 and L8. It is noted that the value of L5 is an
average value of four LVDTs on the brace top. For
joints under in-plane bending, the rotation of brace
was obtained through reading of L5′. Rotations of the

Figure 4. Chord material properties at elevated tempera-
tures.

brace acted as a cantilever were subtracted from the
measurement of L5′. On both loading cases, move-
ments of the side supports were captured (L1 to L4) to
evaluate the restraint effects.
Besides, on the top cover of the furnace, two special

glass windows, which could resist high temperature,
allowed for test observation. The observation was cap-
tured by using two digital cameras placed in front the
glass windows.

2.3 Material properties

For all joints, the grade of steel was EN 10210
S355J2H. Tensile fracture tests were conducted to
determine strength of the chords material. The yield
strength was 380.3MPa and ultimate strength was
519.1MPa. The tensile fracture test was carried out at
three different levels of temperatures, viz. at 28, 550
and 700◦C. The temperature levels were chosen due
to their effects on deterioration rates of steel elastic
modulus, yield strength and ultimate strength.
Comparisons between the reduction factors from

elastic modulus, yield strength and ultimate strength
obtained for the tests and calculated from EC3:P1-2
(1995) are presented in Figure 4. A close relation-
ship can be seen between the measured and calculated
reduction factors for elastic modulus, yield strength
and ultimate strength of the steel material used in the
test programme. The continuous deterioration of steel
properties with increase of temperature has to be mod-
elled for numerical analysis. Although material tests
were only done at the two elevated temperature levels,
from this agreement with EC3, it is assumed that the
steel deteriorations due to fire were mobilized using
factors in EC3:P1-2, table C.1.

2.4 Test procedure

The test consisted of two phases starting with loading
phase and then followed by heating phase. In the first
phase, the specimens were loaded up to 60% of their
ultimate strength at a loading rate in a range of 5–
50 kN/minute. The ultimate strength of each joint was
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Figure 5. Load application on specimens.

determined based on tests presented inNguyen (2010).
Loadingwasmaintained constant to the end of the test.
Figure 5presents the load-time relationship for the four
tests.
Although the applied load is a compression force,

in Figure 5, the values of loads for IB cases were set
negative value for clearer illustration purpose. As can
be seen on the figure the loads were applied continu-
ously up to the loading levels.After the specimenswere
loaded to the desired loading, the second phase started.
The standard fire condition was generated by the fur-
nace according to a rate described in equation (1).
During this phase, as the heating increased, the spec-
imens started losing its strength. The test focused on
the duration in which the specimens could sustain the
applied load.The temperatures of the gas and the spec-
imen were recorded when the joint failures occurred.
For in-plane bending, during phase 1 and 2, it was
observed that the applied loads were well maintained
throughout. However, for brace compression case, the
applied load fluctuated in phase 2 although it meant
to be constant. During the interval between the 5th
and the 12th minute, the loads on two joint BC.T.069
and BC.T.047 increased. The corresponding temper-
ature at maximum load was 700◦C, which caused
additional force to the chord since these restrained on
top of the braces. After the 12th minute, due to high
temperature yielding that started to occur beneath the
brace and steel,Young’s modulus was reduced, and the
applied loads reduced gradually. In an ideal test, the
applied load on top of the braces should be released
in accordance with the thermal expansion of the brace
to keep loading unchanged. However, due to the limits
of the test frame, the hydraulic jack can only provide
additional pressure but not release pressure precisely.

2.5 Failure criteria

Although the joints were only loaded to 60% of the
corresponding ultimate strength, due to the excessive
deformation of the joint, the test was halted. Hence,
the brace deformation was used as a major to deter-
mine the fire performance of the joints. The tests
were stopped when the brace deformation reached a

failure criterion specified by the deformation limit
(Yura, 1981) δ= 24.79mm for axial compression and
φ= 80fy/E = 0.135 rad (24.3◦) for in-plane bending.
Failure ccould also be defined according to EN 1636-1
(1999) as deformation rates in which the rate for axial
compression was 22mm/min and in-plane bending
was 3.3mm/min.

3 TEST RESULTS

3.1 Temperature development on the joints

The development of temperature in the joint is shown
in Figure 2 for Specimen IB.T.069. When the joint
subjected to the ISO 834 fire curve generated by the
electrical heating furnace, temperature distribution on
the joint is divided into three zones based on the read-
ing of nine thermocouples directly attached to the
specimens. Zone 1 was the center part of the speci-
men where the brace met the chord, and the specimen
temperatures were uniformly distributed. Zone 2 was
defined along the length of the chord such that it
was 300mm away from the center and 200mm from
the chord ends. A linear variation of temperature was
assumed and average temperature value was used to
represent the temperature in this zone. As shown in
Figure 2, the difference between the first two zones
was not significant (100◦C in first 8 minutes and 50◦C
after). Zone3waspart of the joint extensionbeyond the
furnace, where the temperature in the specimen devel-
oped much slower since these areas were surrounded
by air. It could only received heat transferred from its
steel body inside the furnace rather than direct expose
to fire.
The same temperature developement was found for

all other three tested T-joints. This was because all
tested joints had identical mass distribution. Based on
the temperature profiles of the four tested joints, the
temperature distribution in three zones was used as
input in numerical heat transfer analysis.

3.2 Failure modes

When subjected to ISO 834 fire curve, failures on the
chords were observed for all T-joints. As the tempera-
ture increased, the steel material started to deteriorate.
This caused local bending and shearing around the cen-
ter welds. Plastic deformations were observed in this
area and spread out on the chord wall.
Specimen failure in the case of brace axial com-

pression is shown in Figure 6. It could be seen that
the failure of the joint was a combination of over-
all bending and local plastification around the center
welds. When exceeding the steel deteriorated yield
strength, the compression stress caused by downward
movement of the brace caused concentrated plastifi-
cations right beneath the saddle point. In addition,
compression membrane forces due to chord overall
bending caused the plastic hinge formation near the
chord crown position. The plastic hinges were identi-
fied due to theirs excessive deformations, as shown
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Figure 6. Failure mode of the joint BC.T.069.ISO a)
cross-section at center and b) 200mm from crow.

Figure 7. Failure mode of a joint IB.T.069.ISO a) tension
part and b) compression part.

in Figure 6a. In addition to the local plastification
process, overall bending of the chord caused signif-
icant changes to its cross section profile along the
length - a process known as ovalisation (Brazier 1927;
Elchalakani et al. 2002). The overall bending plas-
tic deformations caused the circular hollow section to
flatten at the top as illustrated in Figure 6b.
The specimen failure in the case of in-plane bend-

ing is show in Figure 7. The plastic deformations were
a combination of tension and bending or compres-
sion and bending on two sides of the crowns. As the
brace rotated, plastic hinges began to form around the
weld toe at crown points, and significant deformations
(downward on compression side and upward on ten-
sion side) were observed. Consequently, membrane
actions occurred on the chord surface near the two
crown points. The tensile membrane actions are the
development of tensile stress on the whole cross sec-
tion of the chord wall. It was observed using validated
FE models. Figure 7a shows the plastic deformation
caused by hogging moment and membrane forces on
the tension side. Figure 7b, plastic deformation by sag-
ging moment is showed. The chord material inside the
brace section was observed to have little deformation.

3.3 Fire resistance of the joint

Responses of the CHS T-joints subjected to ISO 834
standard fire curve were shown in Figure 8 and 9 in
terms of relationships between brace deformations and
time. For clearer illustration purpose, deformation of
joint T.047 was set to negative values. For all joints, it
can be seen that the response of a joint is in accordance
with the testing procedure which contains two phases.
The first is loading phase, the join deformed linearly
with applied load of 60% of its ultimate strength. On

Figure 8. Fire resistance of joints subjected to brace axial
compression.

Figure 9. Fire resistance of joint subjected to in-plane
bending.

the deformation-time curve (Figure 8 and 9), there is
a plateau after load was applied which indicated the
whole test frame is set stable under external loading,
for all cases, the duration of this phase is in range
of 3–5 minutes. The second phase started when the
furnace operated. Subjected to a consistent load, the
joint started to deform as the furnace inner gas tem-
perature increase. It should be noted that the joint did
not deform consistently but with an increasing rate.
Once any of failure criteria was reached, the joint
was considered to fail. Fire resistance of the joint is
the duration from starting of stage two to the time
when joint reached its deformation limit or defor-
mation rate. For tubular structures, the deformation
limit byYura (1981) is well recognized. However, for
in-plane bending cases, Yura’s rotation limit for the
joints was 0.135 rad which resulted in large defor-
mation at loading point of 148.5mm. Therefore, the
deform rate limit by EN 1636-1 (1999) was adopted
in parallel withYura’s deformation limit. Comparison
of fire resistance determined by the two failure crite-
ria was presented in Figure 10. It could be seen that
for brace axial compression, the fire resistance deter-
mined based on two criteria were almost identical. For
in-plane bending, good agreement was found on the
fire resistant (time) but not for brace deformation.
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There was significant difference on brace deformation
as compared Yura’s limit (148.5mm) to deformation
rate limit (58.2mm). Considering the objective of test
was the fire resistance, this study using Yura’s defor-
mation limit for brace axial compression cases and
deformation rate for in-plane bending cases.
Fire resistance, gas temperature and joint temper-

ature of all tested joints are reported in Table 2. In
Figure 8, behaviour of Joint BC.T.069 and BC.T.047
subjected was shown. With a same loading ratio of
0.6, the Joint BC.T.069 had fire resistance of 10.6
minutes, which is shorter than Joint BC.T.047 which
fire resistance was 12.15 minutes. In other words, at
high temperature, jointswith greaterβwould lose their
strength faster than joints with smaller β. A possible
reason may be the reduction on strength of the joint at
high temperature is governed not only by the deteriora-
tion of yield strength but also by elasticmodulus. Since
the fire resistance is based on deformation limit, the
reductionofYoung’smodulus plays amajor role.Based
on observation of test results and FE analysis, Nguyen
(2010) concluded that the reduction of steel modulus
led to faster reduction of the overall strength should
the brace is smaller. The same trend was found in the
in-plane bending cases. Figure 9 shows the response of
the Joint IB.T.069 and IB.T.047 subjected to in-plane

Figure 10. Comparision of the two failure criteria.

Table 2. Fire resistance of CHS T-joints.

Fire resistance (mins) Joint steel temp. (◦C)

Load ratio Test FEM FEM/Test Gas temp. Test FEM FEM/Test

IB.T.079.ISO 0.60 13.13 556.1
IB.T.073.ISO 0.60 11.63 512.4
IB.T.069.ISO 0.63 11.35 10.83 0.95 671.2 477.8 490.0 1.026
IB.T.057.ISO 0.60 10.55 483.2
IB.T.047.ISO 0.59 11.26 10.39 0.92 663.0 476.9 454.6 0.953
BC.T.079.ISO 0.60 14.21 605.2
BC.T.073.ISO 0.60 12.50 567.3
BC.T.069.ISO 0.59 10.60 10.93 1.03 655.5 481.9 462.4 0.960
BC.T.057.ISO 0.60 10.42 451.3
BC.T.047.ISO 0.59 12.15 12.23 1.00 707.6 552.1 523.2 0.948

bending. The fire resistance of joint T.069 is 11.35
minutes while fire resistance of Joint IB.T.047 is 12.26
minutes.The critical air temperatures for all jointswere
listed onTable 2. They were in agreement with critical
temperature of steel frame structure subjected to stan-
dard fire test obtained from EC3:P1-2(1995) which
was range from 650◦C to 710◦C.

4 FINITE ELEMENT MODELS

A finite element (FE) analysis package, ABAQUS,
was used to simulate the nonlinear behaviour of the
CHS T-joints in standard fire test. The analysis proce-
dure consisted of two steps. The first step was a stress
analysis to obtain the deformation and stress/strain
conditions of specimens subjected to preload of 60%
their ultimate strength.The second stepwas a deforma-
tion analysis in which the deformation of the joint was
monitored when the temperature of joint is prescribed
to increase with time. The input of steel material with
Young’smodulus, yield strength and expansion as tem-
perature dependent parameters followed coupon test
measurements as presented in Section 2.4. The sec-
ond step used the first step as the initial condition. It
should be noted that the time step in analysis proce-
dure was matched with the time in structural test for
ease of model validations.
For the purpose of ultimate strength analysis, tubu-

lar joint aremost commonlymodeled by shell elements
that represent the mid-surface of the joint member
walls. This is generally agreed to be sufficiently accu-
rate for simulating the joint behaviour. In this study, the
FE models of the joins followed the modeling scheme
of axially loaded CHST-joints under elevated temper-
atures (Nguyen 2010). The models used eight-node
doubly curved thick shell elements (S8R). Five layers
of Gaussian integration points were generated across
the chord and brace thicknesses. Temperature was
assumed to be identical throughout the shell thickness
and varied base on three zones mention in test results.
A typical joint models subjected to brace compression
was illustrated in Figure 11.
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Figure 11. A typical joint models.

4.1 Boundary condition

In the test, chord ends were mounted to twoA-frames
by sixteen 30mm-diameter-bolts. These frames and
connections were designed as fix supports. However,
during the tests, subjected to thermal expansion of the
chords, the frames had moved outward in z direction.
The chord longitudinal displacements were captured
together with the chord axial compressions. In the FE
modeling, the in-plane movements of bolt holes were
set to zero (ux, uy = 0). In the z direction, to simulate
the chord axial deformation, nonlinear springs were
used. The spring stiffness k was determined base on
recorded load-deformation relationship measured in
the tests.

4.2 Material models

Material properties required in the analysis gener-
ally include elastic and inelasticmechanical properties
and thermal expansion coefficient. To specified elas-
tic mechanical properties of steel inABAQUS, elastic
modulus and poissons’ ratio is required. For inelastic
behaviour properties, a uni-axial stress-strain relation-
ship, a yield function and a plastic flow rule were
required to describe behaviour of steel under multi-
axial stress state. It should be noted that in ABAQUS,
under large deformation, true stress-strain relation is
required for the uni-axial relationship rather than an
engineering stress-strain one. In this study, a classic
metal material model is chosen for steel. This model
follows vonMisses’yield function and associated plas-
tic flow rule. Steel elastic modulus and true-stress
strain relationship determined in the uni-tensile test
were used, the temperature dependant rule of the steel
follows EC3:P1-2. The thermal expansion coefficient
of steel used in this analysis follows factor a proposed
by the EC3:P1-2 (1995).

4.3 Validations against test results

Figures 8 and 9 present the numerical and experimen-
tal deformation-time curves for 4 tested specimens.
The comparisons were made between deformation-
time curves and failure modes of test results and FE
predictions. From the comparisons, it can be seen that
the numerical and experimental results match well. A
small deviation is observed in the brace compression
loading case. It might due to the fact that the applied

load profile was modelled in accordance to Figure 5
(BC cases) instead of the thermal restraint at top of
braces. From the comparisons, it can be conclude that
the proposed FEA model was able to predict well the
structural behaviour of the CHS T-joints subjected to
ISO 834 fire curve.
The validated FEmodels thenwas used to estimated

fire resistance of other T-joints indicated in Table 1.
The results are summarized in Table 2.

5 CONCLUSION

In this paper, the findings of an experimental pro-
gramme designed to investigate the performance of
CHS T-joints in standard ISO 834 fire curve are pre-
sented. Failure mode and resistance of the joint in two
loading condition were discussed. It was shows that
fire resistance of the joints with different brace-to-
chord ratios is varied from 10–14minutes with critical
air temperature were ranged from 650 to 700◦C.
By comparing the results obtained from the tests

and numerical analysis, a good agreement is found
showing the accuracy and feasibility of the FEmodels.
The verified models then were used to estimate fire
resistance of other joint to illustrate the effect of β.
Besides the models will be use for parametric analysis
in future study.

ACKNOWLEDGEMENT

The research is funded by ARC 2/07 project entitled
“Failures modes and ultimate strength of tubular joints
under elevated temperatures” from the Ministry of
Education, Singapore.

REFERENCES

ABAQUS (2009) “User Manual”, Hibbit, Karlsson and
Sorensen Inc. Providence, RI, Version 6.9–1.

Brazier, L.G. (1927). “On the flexure of thin cylindrical shells
and other thin sections.” Proc. R. Soc, 116, 104–114.

Choo,Y. S., andQian,X.D. “Recent research on tubular joints
with very thick-walled chords.” 15th International Offr-
shore and Polar Engineering Conference, ISOPE-2005,
June 19, 2005 - June 24, 2005, Seoul, Korea, Republic of,
272–278.

EC3. (1993). “Eurocode 3: Design of Steel Structures, Part
1.8: General – Design of joints.” EC3:P1–8.

EC3. (1995). Eurocode 3: Design of Steel Structures, Part
1.2: General Rules – Structural Fire Design, Brussels,
Belgium.

EuroCode 1636 (1999). “BS EN 1363: Fire resistance tests –
Part 1: General requirements.” EN 1363:P1.

Elchalakani, M., Zhao, X. L., and Grzebieta, R. H. (2002).
“Plastic mechanism analysis of circular tubes under pure
bending.” International Journal of Mechanical Sciences,
44(6), 1117–1143.

Fung, T. C., Soh, C. K., Chan, T. K., and Erni. (2002).
“Stress concentration factors of doubler plate reinforced
tubular T joints.” Journal of Structural Engineering,
128(Compendex), 1399–1412.

605



ISO 834 (1999). “Fire-resistance tests-Elements of building
construction – Part 1: General”

Jin, M., Zhao, J., Liu, M., and Chang, J. (2011). “Para-
metric analysis of mechanical behavior of steel planar
tubular truss under fire.” Journal of Constructional Steel
Research, 67(1), 75–83.

Kurobane,Y.,Wardenier, J., and de Back, J. (1984). “Ultimate
Resistance of Unstiffened Tubular Joints.” ASCE Journal
of Structural Engineering, 110(2), 385–400.

Lin, X.-K., and Tao, Z. (2007). “Analysis of axially loaded
concrete filled CHS stub columns after exposure to
fire.” Harbin Gongye Daxue Xuebao/Journal of Harbin
Institute of Technology, 39(Compendex), 514–518.

Lin, X., and Han, L. (2005). “Load-displacement hysteretic
behavior of concrete filled CHS columns after exposure to
ISO-834 standard fire.” Jianzhu Jiegou Xuebao/Journal
of Building Structures, 26(Compendex), 19–29.

Makino, Y., Kurobane, Y. and K. Ochi, Van der Vegte, G.J.,
Wilmshurst, S.T. “Introduction to unstiffenedCHS tubular
joint database.” Tubular Structure 157–164.

Nguyen, M. P., Tan K. H., Fung T. C. (2010). “Numer-
ical models and parametric study on ultimate strength
of CHS T-joints subjected to brace axial compression
under fire condition.” International Symposium on Tubu-
lar Structures (ISTS 13), B. Young, ed., Hong Kong,
733–740.

Packer, J. A. K. J. S. M. (1985). “Database for axially loaded
tubular T, Y and K-connections.” Department of Civil
Engineering, University of Toronto, Canada.

Togo, T. (1967). “Experimental Study on Mechanical
Behaviour of Tubular Joints.,” Osaka University, Osaka,
Japan (in Japanese).

Toprac, A. A. (1961). “Investigation of corner connections
loaded in tension.”Welding Journal, 40(11), 521–528.

Van der Vegte, G. J., and Makino, Y. (2006). “Ultimate
strength formulation for axially loaded CHS uniplanar
T-joint.” International Journal of Offshore and Polar
Engineering, 16(4), 305–312.

Van der Vegte, G. J., and Wardenier, J. (1995). “Static
behaviour of multiplanar tubular steel TT-joints exclud-
ing the effects of chord bending.” International Journal
of Offshore and Polar Engineering, 5(4), 308–316.

Van der Vegte, G. J., Wardenier, J., Qian, X. D., and Choo,Y.
S. (2010). “Re-evaluation of the moment capacity of CHS
joints.” Proceedings of the Institution of Civil Engineers:
Structures and Buildings, 163(Compendex), 439–449.

Yang,Y.-F., andHan,L.-H. (2005). “Fire behavior of concrete-
filled double skin (CHS inner and CHS outer) steel
tubular columns.”HarbinGongyeDaxueXuebao/Journal
of Harbin Institute of Technology, 37(Compendex),
400–403.

Yu, W., Zhao, J., Luo, H., Shi, J., and Zhang, D. (2011).
“Experimental study on mechanical behavior of an
impacted steel tubular T-joint in fire.” Journal of Con-
structional Steel Research, 67(Compendex), 1376–1385.

Zerbst, U., Heerens, J., and Schwalbe, K.-H. (2002). “The
fracture behaviour of a welded tubular joint—-an ESIS
TC1.3 round robin on failure assessment methods: Part I:
experimental data base and brief summary of the results.”
Engineering Fracture Mechanics, 69(10), 1093–1110.

Zhao, X.-L., Hancock, G., and Wilkinson, T. (2005). Cold-
Formed Tubular Members and Connections, Elsevier.

606



Tubular Structures XIV – Gardner (Ed.)
© 2012 Taylor & Francis Group, London, ISBN 978-0-415-62137-3

Structural behavior of CHS T-joints subjected to brace in-plane bending at
elevated temperatures

M.P. Nguyen, T.C. Fung & K.H. Tan
School of Civil and Environmental Engineering, Nanyang Technological University, Singapore

ABSTRACT: Fire resistance of steel joints is one of the major concerns when designing structures against
extreme hazards. However, little information is available for Circular Hollow Section (CHS) joints in fire condi-
tion, especially forT-joints. In order to gain greater insight into the static behaviour ofCHS connections, this paper
presents an experimental study of CHS T-joints subjected to in-plane bending with variation of brace-to-chord
diameter ratios (β) under elevated temperatures. The tests were conducted with five specimens in isothermal
heating condition where the joints were heated to the desired temperatures and then subjected to static load until
failure occurred. The failure modes and ultimate strengths of such joints under various isothermal temperatures
were investigated and compared with the corresponding joints at the ambient condition. Within the range of
investigated parameters, at 700◦C, the joint strength was only 8.40 kNm while at ambient temperature, it was
43.25 kNm. Furthermore, at high temperature, there was a change in the failure modes of the joints. Cracks
formed around the weld toes before the joints reach excessive deformation. These cracks affected post-yield
strength in moment-rotation curves of the joints. In order to understand the development of cracks around the
welded region, material tests were performed to determine the fracture strains of chord material beneath the
center weld at high temperatures. To the authors’ best knowledge, these structural tests were among the first
reported experimental investigations on the ultimate strength and failure mechanisms of tubular joints at elevated
temperature.

1 INTRODUCTION

Steel tubular members have been widely used in steel
design. As an important part of structures, tubular
joints require greater attention than other components
because of theirs geometric discontinuity and com-
plexity in stress distribution at the connections. For
T-joints in ambient temperature there has been exten-
sive reported literature on the joint strength. The first
few tests were conducted byToprac (1961). Following,
T-joint has been extensively studied by Van der Vegte
(1995), Togo (1967) and Kurobane et al. (1984) in
80s and 90s. Database on the joint behaviour was first
introduced by Packer (1985). In 1996, Makino (1996)
updated the database which contained of 127 test and
89 numerical investigations. The database provides an
excellent background for many design codes such as
EuroCode3, CIDECT (2010) and IIW (2009). Up till
now, the database and design codes have been con-
tinually developed by many researchers who focus on
four main themes: thick-walled joints (Choo and Qian
2005), joints with initial cracks (Zerbst et al. 2002),
effects of chord stresses (Van der Vegte and Makino
2006), and reinforced joints (Fung et al. 2002).
Besides the normal service loads, fire is always

a major concern in the design of tubular steel

structures, particularly the steel joints. However, it
is noted that most research works of steel struc-
tures at elevated temperatures mainly concentrate on
behaviour of isolated members (Lin andTao 2007; Lin
and Han 2005;Yang and Han 2005; Zhao et al. 2005)
while very few publications were on steel tubular T-
joints.Yu at al. (2011) presented an experimental study
on mechanical behaviour of an impacted steel tubular
T-joint in fire. Jin et al. (2011) conducted a parametric
studyon themechanical behaviour of steel planar tubu-
lar truss under fire to investigate the failure modes,
temperature distribution and load bearing capacities.
However, the failure mechanism and ultimate strength
of separated CHS T-joint at elevated temperature sub-
jected to a static load have not been investigated
before.
In this paper, experimental study was carried out

to investigate the structural behaviour of CHST-joints
subjected to in-plane bending in fire condition. The
study focused on the failure mechanisms and static
strength of the joints. Therefore, isothermal heating
test procedure was selected for this study and axial
restraint due to thermal expansion was released. The
test results provided valuable test data so as to shed
light on the behaviour of CHS T-joints at elevated
temperatures.
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2 TEST PROGRAMME

Figure 1 shows the configuration of a typical CHS
T-joint and also three geometrical ratios tubular steel
joints. In this study, the chord diameter of all joints
was taken as 244.5mm, with the brace-to-chord diam-
eter ratio (β= d/D) varying from 0.2 to 0.8. Chord
length-to-radius ratio (α= 2L/D)was 18 to avoid short
chord effects (van der Valk 1988) and the brace-to-
chord thickness ratio (τ= t/T ) is 1.0 with the chord
thickness (T ) as 6.3mm. The grade of steel was EN
10210 S355J2H.
The test results shed light on theT-joint behaviour at

high temperature and provide database for numerical
validations. The tested specimens were a combina-
tion of three levels of temperature (i.e. 20, 550 and
700◦C) and three levels of β (i.e. 0.47, 0.69, 0.79).
The value of β chosen was within the practical design
range. The selection of these temperatures was based
on significant changes of steel properties specified in
EC3:Part1-2. More specifically, at 20◦C, steel prop-
erties do not change; at 550◦C there are significant
reductions in both the yield strength and stiffness;
lastly, at 700◦C steel almost entirely loses its yield
strength. The nomenclature of each specimen is pre-
sented in Table 1. The nomenclature is based on the
type of loading (IB for in-plane bending), followed by
the type of joint (T), value of β, and the temperature
at which the joint was tested.

2.1 Test setup

The isothermal heating test is a procedure whereby a
specimen is heated to a specified temperature and then
tested at that constant temperature.This testing process

Figure 1. A general layout of a structural CHS T-joint.

Table 1. Geometrical information of the tested joints.

Diameter (mm)

Chord Brace β L
Name (D) (d) (d/D) (mm)

IB.T.069.20 244.5 168.3 0.688 2200
IB.T.069.550 244.5 168.3 0.688 2183.5
IB.T.069.700 244.5 168.3 0.688 2177.9
IB.T.079.550 244.5 193.7 0.792 2183.5
IB.T.047.550 244.5 114.3 0.467 2183.5

∗Thickness of the chord (T) and brace (t) is 6.3mm.

was performed within a 1m3-internal-volume electric
heating furnace. The maximum interior temperature
could reach 1100◦C and maintain at that temperature
for three hours. The temperature uniformity within
the furnace was first confirmed by a trial test, in
which 18 thermocouples were installed around the fur-
nace. Thermocouple readings showed that the interior
gas temperature was rather uniform with a maximum
variation of ±20◦C at the maximum temperature of
1100◦C.
The test setup is shown in Figure 2 where CHS T-

joints were placed in the middle of the furnace. Each
side of the specimenwas bolted to an externalA-frame.
The chordwas extended outside the furnace and its two
ends were fixed to the upright column flanges of the
A-frames by sixteen 30mm-diameter bolts. To release
thermal restraint during the heating process, one end
of the chord was laid on a roller support. When the
temperature at the joint center had reached a stable
state, this roller support was tightened to the A-frame
to simulate a fixed end condition.
In-plane bending was applied to the joint through

a system as shown on Figure 2. Lateral force was
generated by a 100-Ton hydraulic jack horizontally
placed at the center of the reaction frame. The load
was transferred to the top of the brace via a pin-pin
rod which provided load stability throughout the test.
The dimensions of the furnace opening at the top were
large enough to allow for lateral deflection of the brace
under bending.
Tominimize heat losses and to provide a safe testing

environment, all the extensions of the joint beyond the
furnacewerewrapped in an insulating blanket.The fur-
nace openings after erection of specimens were filled
with glass-fibre insulation as well.

Figure 2. Overall test setup of the CHS T-joints at elevated
temperature.
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2.2 Instrumentation

The T-joints were tested within a well-insulated fur-
nace.Therefore, itwasmuchmore challenging to place
instrumentation around the joint. All available instru-
mentationwas designed tomaximize the joint behavior
measurements.
Two special glass windows which could resist high

temperature (1100◦C) on the top furnace cover provide
test observation. Two digital cameras were placed on
top of the observation window. Besides, deformations
of the center joint within the furnace were measured
through Nicrothal wires (Ni80). To ensure the accu-
racy inmeasurements, the expansion coefficient due to
temperature effect on thewirewas determined through
an experiment. A thermal test was carried out to mea-
sure the free expansion of the wire and this reading
was subtracted from the total measurements to obtain
actual vertical deflections. The Ni80 wires (expansion
coefficient of 1.7× 10−5) were connected directly to
the bottom point (L7 and L8) of the chord and trans-
ferred the chord deformations to LVDTs outside of the
furnace.
Readings from these two points provided global

rotations of the joint which can be calculated via:

where θg is the global rotation of the structural joint.
For those parts of the joint outside the furnace, deflec-
tions were captured using LVDTs at six positions as
shown in Figure 3 (L1 to L6). The support move-
ments on two sides of the chord weremeasured by four
LVDTs i.e. L1 to L4. Support rotationswere calculated
based on

Figure 3. Instrumentation locations on specimens

Table 2. Material tensile test on S355 steel material.

Test temperature Yield strength Elastic modulus Ultimate strength
Coupon (◦C) (MPa) (GPa) (MPa) ky,T

01–03 27.4 380.3 201.2 519.1 1.00
04–06 526.7 270.0 111.2 331.3 0.71
07–09 680.3 99.5 26.2 102.2 0.26

The support movements were

During the test, it was observed that the two supports
moved within 0.12mm and rotated 0.002 rad (0.36◦)
on each end. Therefore it can be concluded that the
boundary condition of the two chord ends were fully
fixed. The purpose of L5 and L6 is to measure the
rotation of braces

where θb1 and θb2 are the rotation of the brace corre-
sponding to location of LVDTL5 and L6, respectively.
The two rotations are used to calculate the rigid rota-
tion of brace by comparing θb1 and θb2 with regard to
the elastic rotation of the brace as a cantilever (θg).
It was concluded that the brace acted rigidly, with the
rotation of the joint based on

where θ is the rotation of the joint in moment-rotation
curves.
Measurements of the applied load were taken

through a load cell placed on the top of the brace. The
capacity of the load cell was 100 kN. Moment applied
to the center joint was calculated based on

where P is measured by the load cell in kN.
Nine type K mineral insulated thermocouple wires

were used to measure the temperatures on the spec-
imen as well as the furnace interior. Thermocouples
were arranged across the section of the specimen in
such a manner so that the temperature at the joint
region could be captured.

2.3 Material properties

Material tests were conducted to determine material
strength of the chord at three different temperatures
levels (20◦C, 550◦C and 700◦C) as in the structural
tests. The material tensile test results are summarized
in Table 2.
In the structural tests at 550 and 700◦C, steel

fractures occurred along the center weld toes and pen-
etrated through the chord thickness. Hence, additional
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Figure 4. Fracture test of heat affected material.

material test were conducted to determine the fracture
strains of the material in this heat affected (HA) zone.
The tensile coupon test was designed to have the

same effect on the parent material from a welding pro-
cess. As shown in Figure 4, the coupon was covered
with the same volume-per-unit-length of weld mate-
rial in order to generate the same heat amount as in the
structural joint. The coupons were then air cooled. In
order to control the fracture of the coupon in the inter-
ested zone, the welds were ground off and two notches
were made at the center.
The tensile fracture test was performed at three lev-

els of temperature 20, 550 and 700◦C. Stress- strain
relationships were obtained through a load cell and an
extensometer as shown on Figure 4. In Figure 5, load
deformation of the tested coupon is shown. The mate-
rial at heat affected zone had higher strength compare
to normal steel at 20◦C however it possessed lesser
ductility. At high temperature, it can be seen that the
HAmaterial had no strain-hardening performance and
lesser ductility.

3 TEST PROCEDUREAND OBSERVATIONS

3.1 Test procedure

The test consisted of two phases: (1) heating phase and
(2) loading phase. In the first phase, the furnace was
heated up at a heating rate of 100–110◦C/min up to the
specified temperature. The heating rate was similar to
that of a natural fire in its first five minutes. After
the furnace air had attained the test temperature, it
was maintained to the end of the test. During the first
phase, thermal expansion was observed on the chord.
However, the expansion did not cause any stress in
the joint since one end of the chord was rested on a

Figure 5. Load deformation of the heat affected material.

Figure 6. Temperature distribution of joint IB.T.069.550.

roller. When the center of the joint reached the preset
temperature, the joint entered into second phase. Gaps
on the chord ends were shim-packed with steel plates
and eight bolts on the end-plate were tightened to the
A-frame on each chord end (Figure 2). A small load
was applied to check the adequacy of the test setup,
instrumentation and loading system. In this phase, load
was applied until the maximum stroke of the hydraulic
jack was reached. In the fire test, there were cracking
sounds when the joint reached a certain load.After the
cracking sounds, the applied load started to decrease.

3.2 Temperature distribution

A typical development of temperature on the chord
is illustrated in Figure 6 for Specimen IB.T.069.550.
The joint temperature distribution is divided into three
zones based on the readings of nine thermocouples.
It was observed that the center zone took 13.2 min-

utes to reach the specified temperature after the air
temperature had stabilized. This duration was allowed
for before starting the loading phase. It can also be
observed that, during the loading phase, the tempera-
ture difference in each zone iswithin 3 to 8%.The same
variationwas found for all testedT-joints. However, the
joint could only attain 526.3◦C since there were parts
of the joints extending outside of the furnace. That
is also the reason why in Zone 3 (Figure 3) the tem-
perature increased the slowest compared to that in the
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Figure 7. Failure mode of a joint IB.T.069 at 20◦C and
550◦C.

other two zones. Based on the measured temperatures
of the four tested joints, the temperature distribution in
the three zones can be used as temperature input in the
analytical and numerical analyses.

3.3 Failure modes

Failure of CHS T-joints subjected to in-plane bending
occurred on the chords in all the five joint tests. As
the brace rotated, local bending and shearing occurred
on the chord near the crown points. Areas with large
plastic deformation were observed around the chord
wall near the crown positions. However, the chord
material inside the brace section was observed to have
not much deformation. After the test, the center sec-
tion was mechanically cut out from the joint for more
detailed observation.
Failure modes of the joints at ambient and ele-

vated temperatures are shown in Figure 7. On the
compression sides of all connections, a similar failure
mechanism was observed. Large plastic deformations
were formed beneath the weld toe, indicating local
concentration of stresses. However, on the tension
sides of connections, for all joints at elevated temper-
atures, there were cracks along the weld toe while no
cracks were found in the ambient test. In each joint at
elevated temperatures, a single crack started from the
crow point and developed towards the saddle points
and penetrated through the chord thickness (Figure 7-
IB.T.069.550 Tension side). The cracks caused the
significant difference in failure modes between high
temperature and ambient temperature cases. In the
high temperature cases, the joint strength did not
increase after the cracks were formed.

3.4 Moment-rotation curves

Figures 9a and 9b show the moment-rotation curve of
all five CHST-joints. They are classified into two cat-
egories for comparison purpose. Figure 9a shows the
behaviour of joint IB.T.069 at three levels of temper-
ature, i.e. 20, 550 and 700◦C in order to observe the
effect of temperature on the same joint. The moment-
rotation curve of joint IB.T.069.20, tested at ambient
temperature, is similar to a typical joint behavior

Figure 9a. Behaviour of joint IB.T.069 at different
temperatures.

Figure 9b. Behaviour of three T-joints with different β at
550◦C

reported by previous researchers (Togo 1967; Van der
Vegte 1995).
As the load increased, the joint deformed linearly up

to the yield value (30.88 kNm) and the strength started
to increase continuously until the test was stopped.
There was no failure on the joint. In this case, Yura’s
deformation limit (80σy/E = 0.135 rad) was adopted
to find the ultimate joint strength. However, when
the temperature was increased to 550 and 700◦C, the
joint started to yield earlier, i.e. 23.67 kNm at 550◦C
and 6.74 kNm at 700◦C. When deformations reached
0.082 rad and 0.035 rad respectively, the joints could
not take any more loads. Hence the highest load was
considered as the ultimate strength of joints at high
temperature. It was also noted that there were crack-
ing sounds at the moment when the joints reached
their maximum loads. In these cases, Yura’s deforma-
tion limit was not applicable because the maximum
load capacity was reached prior toYura’s deformation
limit. It can be seen that the capacity of the joint is
governed by strength at elevated temperatures instead
of deformation control at ambient temperature.
The test results are presented in Table 3. Com-

pared to the ambient temperature case (IB.T.069.20),
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Table 3. Test results.

Test temp. Yield strength Ultimate strength Initial stiffness Test/
(◦C) (kNm) (kNm) (kNm/rad) Prediction (kNm)∗ Prediction

IB.T.069.20 27.6 30.88 43.25 1420 39.625 1.09
IB.T.069.550 517.3 23.67 30.55 1376 27.532 1.11
IB.T.069.700 678.3 6.74 8.4 670.3 8.56 0.98
IB.T.047.550 532.4 28.43 12.4 1609 10.849 1.14
IB.T.079.550 536.2 8.95 35.88 588.7 31.148 1.15

∗Ultimate strength prediction following CIDECT (2010), for high temperature, yield stress fy0 was changed accordingly to
yield stress at high temperature.

the strength of joint was reduced to 77.2% at 550◦C
and 22.1% at 700◦C. Due to the deterioration of steel,
the initial stiffness has changed as well. However, at
550◦C, initial stiffness of the joint was only reduced
by 3% in contrast to 53% at 700◦C.
In Figure 9b, the behaviour of joints with two

different β values is illustrated at 550◦C. The initi-
ation of softening behaviour occurred together with
fracture in the heat affected zone. This softening
behaviour varied for different joints. For the joint with
large β (IB.T.079.550) the softening rate was greater
compared to those with smaller β (IB.T.069.550
and IB.T.047.550). The rate of joint softening indi-
cates greater crack development. For smallest β
(IB.T.047.550), this process happened slowly from
rotation of 0.056 to 0.097 rad. This is due to different
load levels of the three joints. Joint IB.T.047.550 was
subjected to 12.4 kNm moment when cracks initiated.
At this load level, the slow propagation of cracks was
observed. Meanwhile, joint IB.T.079.550 sustained a
greater moment of 35.88 kNm at fracture, with cracks
quickly propagating to the saddle due to negligible
harderning properties of steel at high temperature.
The responses agreedwell with crack length variations
among these joints.
The ultimate strength of tested T-joints with differ-

ent β values was compared with calculations based
on design code. CIDECT (Wardenier et al. 2010) was
adopted because of its popularity in practical tubular
design. Although the design criteria for CIDECT are
for joints in ambient condition, the design formula is
based on fy0, the characteristic yield strength. Hence
it may be applicable for high temperature by sim-
ply modifying the yield strength fy0 to fyT = kyT × fy0,
where kyT is the reduction factor of yield strength due
to elevated temperature. Values of kyT are obtained
from Table 3.

where fy0 is the characteristic yield strength at ambi-
ent condition, T is the chord thickness, D is the
outer diameter of the brace, β and γ are respectively
brace-to-chord diameter ratio and chord diameter-to-
thickness ratio. For T-joint, 90◦ is the angle of the
brace to the chord. Qf takes into account the effect

of preloads in the chord. In this case, since there are
no preloads, Qf = 1.
The comparison between test results and CIDECT

predictions is presented in Table 4. In terms of ulti-
mate strength prediction, the comparison shows good
agreement at ambient condition. At 550◦C, the for-
mula was conservative in predicting the strength.
However, at 700◦C, it gave a slightly unconserva-
tive prediction. At ambient, the failure criteria for
the CIDECT formulae is based on excessive defor-
mation limit. However, at high temperature, as the
failure mode changed, the joint ultimate strength is
determined based on strength of material as explained
on section 3.4. Therefore, the application of CIDECT
formulae may cause an unconservative prediction of
joint strength at high temperature as joint IB.T.069.700
(Table 3). The assessment of joint strength at elevated
temperatures will be presented in other study.

4 DISCUSSIONS

Joint failure occurred on the chords beneath the brace
and center welds for all five tests. Plastic deformations
were mostly located on two crown points. However, as
a result of in-plane bending, one side of the joint was
under compression and the other side under tension.
The failure mechanism could be divided into three

stages. Initially, the whole joint behaved in the elas-
tic range where stresses were highly concentrated in
two crown points and spread slowly toward the saddle
points.As shown in Figure 10a, at this stage, the major
actions in the area were shear and bending moments.
As the brace rotated, the joint entered into the sec-

ond stage. Plastic hinges began to form around the
weld toe at the crown points, and significant defor-
mations (downward on compression side and upward
on tension side) were observed. Consequently, ten-
sile membrane actions were developed on the chord
surface near the two crown points. The tensile mem-
brane actions are the development of tensile stress
on the whole cross section of the chord wall. In the
FE models, illustrated in Figure 10, the black arrows
is the tensile strains develop on the surface of the
chord showing there was existence of tensile forces
on the chord wall near the crow. These tensile forces
combined with deformations on two sides of the cen-
ter joint generated a resistance moment. Since tensile
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Figure 10. Failure mechanism of T-joint under in-plane
bending.

membrane actions can spread on the chord surface, the
resistance moment became larger as the joint further
deformed. This is the main reason that the softening
phase could not be observed for specimens tested in
ambient temperature. The joints only reached the ulti-
mate strength when there were actions that inhibited
the development of tensile membrane action. For the
joint at ambient temperature, IB.T.069.20, no ultimate
strength occurred. Failure criteria based on service-
ability control (Yura 1981) was applied to determined
the ultimate strength.
However, when the joints were subjected to fire,

tensile membrane was inhibite due to the evolvement
of cracks along the weld toes. At this moment, the
joints entered into stage three, the final stage.When the
cracks formed, the load path was broken and moment
resistance started to reduce. In Figure 10c, the stress
distribution of joint IB.T.069.550 at its ultimate stage
is shown. The stress concentration was released to
zero near the cracks indicating the diminution of ten-
sile membrane action. The test results also confirmed
this fracture phenomenon. Based on the observation
of inclined cracks from the cut-out specimen, fracture
was caused by a combination of bothmoments and ten-
sile forces. The formation of cracks can be explained
based on the changes of steel materials at high temper-
ature.As illustrated inTable 3, at ambient temperature,
the final fracture strain of heat-affected steel material
was larger.Therefore, joints tested under this condition
can sustain larger deformation with the development
of tensile membrane action. However, at high tem-
perature, fracture in the material occurred earlier and
caused a reduction in strength.

4.1 Joint strength

As mentioned in Section 3.4, the joint strength could
be classified into two groups to observe the influence
of two factors, viz. temperature and brace size.

Figure 11. Normalized ultimate strength of joint at 550◦C
to 20◦C.

4.1.1 Influence of temperature
Temperature has great effect on the behaviour of a
joint (IB.T.069). As shown in Figure 8a, at ambient
temperature the post-yield hardening response of joint
IB.T.069 was continuously increasing until excessive
deformation was reached. However, at 550◦C the post-
yield strength increase stopped at a rotation of 0.082
rad. At 700◦C, at a rotation of 0.035 rad, the joint
strength reached its peak of 8.4 kNm, and post-yield
strength increase occurred in a shorter range. The rea-
sonwas the absence of steel material strain-harderning
at high temperature. Consequently, the yielded part
of the joint had practically no rigidity and material
softening occurred at an earlier stage. As the frac-
ture of steel occurred earlier at high temperature, the
development of tensile membrane action was stopped
very soon.Therefore, the strength increase processwas
much shorter at 700◦C compared to 550◦C case. With
regard to the strength loss of material at high tempera-
ture, the ultimate strength of joint was also controlled
by fracture strain. In terms of yield strength, the joints
at higher temperatures yielded earlier. The reason is
that the non-linearity of stress-strain relationship at
elevated temperature causes the joints to attain plastic
deformation at an earlier strain.

4.1.2 Influence of brace size at high temperature
The effect of brace-to-chord diameter ratio (β) at one
elevated temperature (550◦C) is also shown in Figure
11. Since for all three joints the chord has the same
diameterD, the smaller value of the β, the smaller was
the brace.The reduction in joint strength is normalized
with its strength at ambient condition. These results
at ambient condition are based on the validated FE
models of the joints. It is observed that, the variation
(μ) in joint strength at high temperature (550◦C) is less
than that at the ambient temperature condition. In case
of smaller brace (T.047), the yielded area beneath the
joint is smaller. Hence, it is not much resistance that
can be mobilized compared to a larger brace (T.079).
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5 CONCLUSIONS

In this paper, the findings of an experimental pro-
gramme to investigate the behaviour of CHS T-joints
subjected to in-plane bending under fire condition are
presented. It was observed that at high temperature,
the joint failure criterion was changed from service-
ability to strength due to cracks occurring on the weld
toes at high temperatures. It was also found that tem-
perature has a great effect on joint strength reduction.
Besides, among five investigated joints, the smaller
the diameter of the brace the greater was the effect of
temperature on the joint bahviour.
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FE modelling of bolted steel end-plate moment connections
subjected to a standard fire

O. Salem, G. Hadjisophocleous & E. Zalok
Carleton University, Ottawa, Ontario, Canada

ABSTRACT: In fire conditions, the prediction of the behaviour of bolted steel connections becomes compli-
cated since different parameters, such as temperature increase, beam thrust and large deformations, influence their
structural behaviour. Finite-element modelling can help to better understand the three-dimensional deformations
and the failure mechanisms of bolted connections at elevated temperatures. In this paper, a 3D finite-element
modelling study of bolted end-plate moment connections subjected to elevated temperatures is presented. The
modelled connections can be used to connect either tubular or I-shaped steel beams to tubular steel columns.
The different components of the beam-to-column connection include the beam, column, beam end plate, col-
umn connecting plate, bolts and welds. The connection components were modelled using eight-node continuum
hexahedral brick elements (C3D8R in ABAQUS/Standard V6.92 terminology), which have the capability of
representing large deformations and the non-linearity of both geometry and material at elevated temperatures.
Contact between the connection components was modelled using the surface-to-surface interaction command
with a small sliding option. The model was validated using the experimental results of two full-scale fire-
resistance tests. Good agreement between the model predictions and the experimental results was achieved for
different measurements; such as the connection deformations, connection hogging moment, beam thrust and
beam deflection.

1 INTRODUCTION

There are many types of beam-to-column connec-
tions that vary from simple shear connections, which
provide no moment resistance, to rigid connections
with considerable moment resistance, such as the
extended end-plate moment connection. In the for-
mer type, themoment resistance allows the connection
to substantially reduce the beam bending moment
at the mid span at elevated temperatures affecting
the beam limiting temperature. Fire-resistance test-
ing is a direct method to investigate the behaviour
of steel connections at elevated temperatures. How-
ever, conducting fire-resistance experiments is time
consuming, expensive, and associated with difficul-
ties. In addition, beam-to-column connections could
be subjected to a combination of shear force, bend-
ing moment, and axial force at elevated temperatures,
which makes it very complicated to study the struc-
tural behaviour of such connections. It is preferable to
use experimental results to validate computer mod-
els, and then use the validated models to simulate
the behaviour of beam-to-column connections in fire.
Such an approach allows for the study of parame-
ters that are not investigated experimentally. In this
paper, a three dimensional finite-elementmodel devel-
oped to simulate the structural behaviour of restrained
tubular steel beams and their end connections in
fire is presented. The model was developed using

the commercial software packageABAQUS/Standard
V6.92 (2009), and was validated against the results
of full-scale fire-resistance experiments conducted
at Carleton University’s Fire Research Laboratories.
The modelled connections can be used to connect
either tubular or I-shaped steel beams to tubular steel
columns.
Steel members made of Hollow Structural Sections

(HSS) are increasingly used in modern steel frame-
work due to their many advantages. In addition to
the attractive appearance of HSS steel members, they
posses high strength to weight ratios, which makes
them cost effective. For cases in which the design
stresses are largely reduced by lateral buckling, HSS
steel members are more favourable than I-shaped
members due to their great moment of inertia about
the minor axis of their cross section. Considerable
research work has been done to investigate the struc-
tural fire behaviour of beam-to-column connections
joining I-shaped steel members, such as the work car-
ried out by Liu et al. (2002), Spyros et al. (2004) and
Qian et al. (2008). In contrast, very little research was
conducted on HSS beam-to-column connections, such
as the work done by Ding and Wang (2007) on con-
nections joining I-shaped beams to HSS columns at
elevated temperature. However, most of the research
carried out on HSS steel members was to investi-
gate the structural behaviour of concrete-filled HSS
columns. A number of fire-resistance experiments of
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concrete-filled HSS steel members were conducted by
researchers such as Kodur (1999), Han et al. (2003),
Wong and Wang (2010) and Lu and Zhao (2010).

2 FINITE-ELEMENT MODEL DESCRIPTION

The development process of the finite-element model
startedwith the creation of individual connection com-
ponents (parts in ABAQUS terminology), such as the
beam, column, beam end plate, column connecting
plate, bolt and fillet weld. Subsequently, the compo-
nents were assembled together to form the modeled
beam-to-column connection configuration. Owing to
full symmetry, only one quarter of the beam-column
assembly was modelled. Figure 1 shows the meshed
model of the HSS-to-HSS connection. All compo-
nents were modelled using the reduced integration
eight-node continuum hexahedral elements (C3D8R).
These brick elements have the capability of represent-
ing large deformations and geometrical and material
non-linearity. They also, if controlled, can provide
reliable results with no numerical problems such as
shear locking or hourglassing.

2.1 Discretization

The mesh size of the connection different components
significantly affects the finite-element model calcu-
lation time and accuracy. For example, the number
of elements through the thickness of the connection
plates significantly affects the accuracy of the simu-
lation of the plate bending and the formation of yield
lines. Trial models with different number of elements
through the plate thickness were developed prior to
the development of the final model to test the most
effective number, and found that three or four layers
of elements through the plate thickness is the optimum
choice. For the connection thinner plates of 12.7mm,
three layers of elements through the plate thickness
were used, while for the thicker plates of 19.0mm,
four layers were used.
The connecting bolts wereA325 high strength bolts

of 19.0mm (3/4 in) diameter, and were also modeled

Figure 1. Meshed components of the 3D finite-element
model of extended end-plate HSS-to-HSS connection.

using the C3D8R elements.Three different meshes for
the boltswere tested before choosing themost efficient
one; the threemeshes were of coarse, medium and fine
construction, as shown in Figure 2. It was found that
the bolt with fine mesh density behaved more effi-
ciently and did not experience contact problems, such
as penetration problems between the bolt and the con-
nection plates.As in the experiments that were used in
validating the finite-element model, no pre-tension to
the bolts was considered in the model.
The beam and column were made from square

hollow sections (SHS) with nominal dimensions of
152× 152× 6.4mm (6.0× 6.0× 1/4 in). They were
also modeled using the C3D8R elements. A relatively
fine density mesh was used for the beam section in
the region under the loading plate to avoid any conver-
gence problem that might occur during the non-linear
analysis and to accurately capture the deformations of
the beam walls in the loading zone, Figure 3.
The top and bottom parts of the column where the

supports exist were also discretized using finemeshes.
Two layers of elements were used through the 6.4mm
(1/4 in)wall thickness of the beamand column sections
in the finite-element model.
The fillet welds of 6.0mm leg length joining the

end plate to the beam and the vertical welds joining the
column to the connecting plate were modelled using
the C3D8R elements. Tie constraints were used
between all welded surfaces.

Figure 2. Different mesh densities of the connection bolts.

Figure 3. The HSS beam with end plate and loading plate.
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2.2 Material properties

Reduction factors for the yield strength, proportional
limit and modulus of elasticity of carbon steel that
are prescribed in Eurocode 3, Part 1.2 (2005), were
used in the finite-element model in order to calculate
the steel material properties at elevated temperatures.
For structural steel thermal properties, such as ther-
mal elongation and conductivity, Eurocode 3, Part 1.2
(2005) correlations were employed. Since the steel
material at the corners of the cross section of the HSS
beams and columns was subjected to strain hardening
due to the forming process during the manufacturing
of these sections, the steel material in the corners is
of higher strength than the material in the flat parts.
In order to properly define the material strength of
the corners and the flat parts in the finite-element
model, tension coupons were cut from both the cor-
ner and flat regions of two samples of the HSS tubes
used in fabricating the test assemblies of the tests used
to validate the finite-element model. Average mate-
rial properties for the corner and flat parts were used
as normal-temperature steel material properties in the
model.
The material used for the welds in the model was

assumed to have the same yield strength of 350MPa
as the beam, columns and connection steel plates that
were made of 350W steel material as specified by
CSA G40.20-04/G40.21-04 Standards (2004). Bolts
were assumed to have the material properties of A325
bolts as specified byASTMA 325M-07 (2007) at nor-
mal temperatures. The elevated-temperature material
properties of both welds and bolts were calculated in
the finite-element model using the reduction factors
specified by Eurocode 3, Part 1.2 (2005) for welds
and bolts, respectively.

2.3 Contact interaction

The finite-element model contains several surfaces
that were involved in contact interaction, such as the
contact between the bolt and the connection plates and
the contact between the beam end plate and the col-
umn connecting plate. Contact between the bolt and
the connection plates was carefully modeled; as the
contact action involved several contact pairs, such as
the contact between the underside of the bolt head
and the beam end plate, the nut and the column con-
necting plate and the contact between the bolt shank
and the bolt holes in the connection plates. The con-
tact interaction was modeled with “rough” interface to
prevent slipping between the contact surfaces except
for the last contact pair of the bolt shank and the bolt
holes, which was modeled with frictionless interface
in order to prevent penetration of the bolt into the
connection plates at high connection rotations. The
contact between the beam end plate and the column
connecting plate was also modeled, and defined as
surface-to-surface contact with a finite sliding option
and node-to-surface discretization method. In the nor-
mal direction of the contact interaction between the
connection plates, a hard contact was used, while in

Figure 4. The HSS column with its bottom support.

the tangential direction a friction coefficient of 0.3
was defined. In all contact pairs, the surfaces with
less expected deformationswere set asmaster surfaces
and had coarser meshes than the corresponding slave
surfaces, which had denser meshes.

2.4 Restraints and loading

Displacement and symmetry boundary conditions
were carefully applied to ensure that the modeled
assemblies were subjected to the same actions as in the
corresponding tests. Also, the column top and bottom
pin supports were modeled to simulate the supporting
action of the real supports used in the tests, Figure 4.
Similar to the fire tests, the load was applied in

the finite-element model to a loading plate placed
over the beam top flange in order to avoid any instabil-
ity in the non-linear analysis due to the direct loadingof
the relatively thin beam top flange, Figures 3.The pres-
sure on the loading plate was calculated and provided
in the finite-element model to simulate a total load
representing a beam load ratio of 0.5 as applied in the
tests.A tie constraint was defined between the loading
plate and the beam top flange in order to ensure con-
stant loading during the analysis.The load was applied
in the finite-element model with several increments,
each not exceeding 5% of the total load, in order to
avoid convergence problem in the non-linear analysis.

2.5 Analysis process

Different degrees of non-linearity were considered in
the analysis of the finite-element model presented
in this paper, such as the material non-linearity and
the geometric non-linearity that appear clearly in
restrained steel beams subjected to fire due to the large
deflections. The non-linear analysis of the model was
conducted through three steps; the contact step, the
load step and the fire step. In the first step, all the
contact interactions were established and analyzed in
the different contact pairs of the modeled beam-to-
column connection. In the second step, the load was
applied in increments each increment not exceeding
5% of the total applied load in order to character-
ize the actual load history. Lastly, the third step was
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employed to apply the fire effects on the already loaded
beam-to-column connection; as the increased temper-
atures were defined with prescribed rates obtained
from the corresponding fire tests in order to simu-
late the thermal effects of the surrounding temperature
inside the furnace. The non-linear analysis in the fire
step was conducted through multiple iterations with
time increments each not exceeding 30 seconds.
Both structural and heat transfer analyses were con-

ducted in the finite-element model. For the heat trans-
fer analysis, two heat transfer processes were involved
in themodel; the heat transferred from the fire environ-
ment inside the furnace to the boundary surfaces of the
steel-frame assembly and the heat transferred within
the steel assembly. The heat transferred from the fire
to the steel assembly is due to the convected and radi-
ated heat flux. The convected heat transferred from
the fire is governed by defining the furnace gas tem-
perature, while the radiated heat transferred from both
the furnace gas and flames is governed by defining the
effective radiation temperature, whichmay differ from
the furnace gas temperature. For simplicity, a ther-
mal measuring instrument called plate thermometer,
which was developed byWickstrom (1994), was used
in the tests used to validate the finite-element model in
order to provide equivalent temperaturemeasurements
that can represent both the furnace gas temperature
and the effective radiation temperature. The tempera-
ture measurements of the two plate thermometers that
were installed near one of the test connections of each
assembly in the tests were used in the first heat transfer
process. In the second heat transfer process,which rep-
resents the heat transferred within the steel assembly,
the temperature of each finite element of the mod-
eled steel–frame assemblywas calculated by themodel
according to the outputs of the first heat transfer pro-
cess and the heat conduction governing relationships
prescribed in ABAQUS/Standard V6.92 (2009).

3 FIRE EXPERIMENTS

3.1 General

The results of two full-scale fire-resistance tests were
used to validate the 3D finite-elementmodel presented
in this paper. The two fire tests were part of a research
project that aimed to investigate the structural fire
performance of steel-frame assemblies made of HSS
steel beams and columns, with focus on the behaviour
of extended end-plate beam-to-column connections.
The test program consisted of 10 steel-frame assem-
blies with two different extended end-plate connection
configurations and different study parameters, such as
the end-plate thickness, degree of beam axial restraint
and level of fire protection.
A large-scale furnace with internal clear dimen-

sions of 2.7m× 2.7m× 2.2m high was designed and
constructed to accommodate the assemblies of this
research project. The furnace temperature was con-
trolled manually to follow the CAN/ULC-S101-07

standards (2007) time-temperature curve. In order to
control the furnace temperature, six K-type insulated
thermocouples each placed inside a 19.0mm metal
pipe were installed around the test assembly inside the
furnace. In addition, two Inconel plate thermometers
were installed near one connection of the test assembly
to provide equivalent temperature measurements that
can represent both the furnace gas temperature and the
effective radiation temperature. The temperature mea-
surements of the two plate thermometers were used in
the heat transfer analysis in the finite-element model.
The furnace is surrounded by a heavy loading steel
structure that is used to apply the desired transverse
loads and to support the test assemblies.

3.2 Test assembly description

The two test assemblies described in this paper were
made of HSS steel elements with hollow square sec-
tion of 152mm× 152mm× 6.4mm (6.0 in× 6.0 in×
0.25 in).The steelmaterial thatwas used for the assem-
blies including the end plates was of grade 350W
as specified by CSA G40.20-04/G40.21-04 standards
(2004). Each test assembly consisted of an HSS beam
of about 2000mm long connected at its ends to two
HSS columns by extended end-plate moment connec-
tions. Two different end plate thicknesses were tested,
12.7mm (1/2 in) and 19.0mm (3/4 in), in Tests 1 and
2, respectively. The beam end plate was bolted to the
column connecting plate in each beam-to-column con-
nectionusing fourA325high strength bolts of 19.0mm
(3/4 in) diameter, Figure 5. The test assemblies were
fire unprotected except their beams top flange, which
was protected using a ceramic fibre blanket in order
to simulate the effect of a concrete slab, which would
exist on top of the beam in a realistic construction.

3.3 Test setup and procedure

After installing the test columns inside the furnace,
they were connected to the loading structure and then
were restrained at their ends against both in-plane
and out-of-plane horizontal movement. However, the
columns were rotationally unrestrained at their ends to
avoid unnecessary moments that may be developed in
the loading structure. To attain all these supporting
conditions, four specially-designed sets of pin sup-
ports were used. Two of these supports were equipped
with load measuring devices (or pin load cells) to
measure the horizontal reactions of one column. The
beam of each test assembly was subjected to a con-
stant four-point flexure bending during the fire test.
A total vertical transverse load of 11.2 ton (110 kN)
representing a beam load ratio of 0.5 was distributed
on two points over the test beam, as illustrated in Fig-
ure 6. The beam load ratio is defined as the ratio
of the applied load in fire conditions to the plastic
load-carrying capacity as a simply supported beam at
normal temperature.
As shown in Figure 6, a number of ceramic rods

were installed inside the furnace and were attached
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from outside to a corresponding number of linear
variable differential transformers (LVDTs) in order to
measure the in-plane displacements of the test assem-
bly at different locations. The displacements included
the beam vertical deflections and the column lateral
displacement at connection locations. In order to mea-
sure the surface temperatures of the test assembly, a
total of 22 high-temperature resistant ceramic-fibre
insulated K-type thermocouples were welded to each
test assembly at different locations.

Figure 5. Details of the HSS beam-to-column connections.

Figure 6. Layout of a general test assembly inside the
furnace.

To conform with CAN/ULC-S101-07 standard
(2007), the vertical transverse load was gradually
applied in four increments each of 25% until reaching
the full load that was applied at least 30min before
the start of the fire-resistance test. Later on, the test
assembly was subjected to increasing temperatures
that followed the CAN/ULC-S101-07 standard (2007)
time-temperature curve.

4 MODELVALIDATION

The predictions of the 3D finite-element model pre-
sented in this paper were validated against the outputs
of two fire experiments; where good agreements have
been achieved in different aspects, such as the connec-
tion deformations, connection hoggingmoment, beam
deflection and beam thrust at elevated temperatures.

4.1 Connection deformations

Figures 7 and 8 illustrate comparisons between the
predictions of the finite-element model and the

Figure 7. Comparison of the FE model predictions and
the experimental results of the connection deformations of
Test 1.
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Figure 8. Comparison of the FE model predictions and the
experimental results of the connection deformations ofTest 2.

experimental results of the connection deformations
of Tests 1 and 2 with end plates of 12.7mm and
19.0mm thickness, respectively.

4.2 Connection hogging moment

The results obtained from the finite-element model
for the connection hogging moment were compared to
the results of the connection of Test 1 with a thinner
end plate, Figure 9. From the figure, it can be con-
cluded that the simulation and the test results are in
good agreement; where the finite-element model pre-
dicted a maximum connection hogging moment value
of about 36.3 kN.m at a beam bottom flange temper-
ature of about 538◦C (at about 12.8min), while the
experiment gave amaximumhoggingmoment value of
about 40.3 kN.m at a beam bottom flange temperature
of about 460◦C (at about 11.0min). The reason for the
slight discrepancy observed in Figure 9 is probably due
to the uncertainty in the material properties of carbon
steel at elevated temperatures below 300◦C. Figure 10
shows a comparison between the finite-element model

Figure 9. FE model predictions for the connection hogging
moment compared to the test results of the connection of
Test 1.

Figure 10. FEmodel predictions for the connection hogging
moment compared to the test results of the connection of
Test 2.

predictions for the connection hogging moment and
the experimental outputs of the connection of Test
2 with thicker end plate. From the figure, it can be
concluded that the simulation and the test results are
in good agreement for elevated temperatures below
500◦C; where the finite-element model predicted a
maximum connection hogging moment value of about
37.0 kN.m at a beam bottom flange temperature of
about 480◦C (at about 4.8min), while the experiments
gave a hogging moment value of about 40.0 kN·m at
the same beam bottom flange temperature of 480◦C
and the same time of 4.8min.

4.3 Beam deflection

The beam mid-span deflection was the main failure
criterion of the test assemblies; where the beam limit-
ing deflection was span/20, which is about 100mm for
the test beams described in this paper, according to the
recommendation in BS476: Part 21 (1987). Figure 11
illustrates a comparison of the beam mid-span deflec-
tion between the finite-element model predictions and
the test results of the connection ofTest 1. In Figure 11,
the finite-element model gave slightly smaller values
of the beam mid-span deflection up to a beam bottom
flange temperature of about 685◦C, when the model
predicted a beam deflection of 23.0mm, while the test
gave a deflection of 33.0mm. Afterwards, the deflec-
tion ran away according to the finite-element model
predictions and the beam achieved a limiting mid-
span deflection of span/20 at a beam bottom flange
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Figure 11. Comparison of the beam mid-span deflections
between the FE model predictions and the results of Test 1.

Figure 12. Comparison of the beam mid-span deflections
between the FE model predictions and the results of Test 2.

temperature of about 695◦C, while the limiting beam
mid-span deflection was achieved at a beam bottom
flange temperature of about 715◦C in the fire test.
In Figure 12 a comparison of the beam mid-span

deflection between the finite-element model predic-
tions and the test results of the connection of Test 2
is presented. From the figure, it can be noticed that
the model gave slightly smaller values of the beam
mid-span deflection up to a beam bottom flange tem-
perature of about 730◦C. The model predicted a beam
deflection of 32.0mm, while the test gave a deflec-
tion of 37.0mm. Afterwards, the deflection ran away
according to the finite-element model predictions and
the beam achieved its limiting deflection at a beam
bottom flange temperature of about 745◦C, while the
beam limiting mid-span deflection was achieved at a
beam bottom flange temperature of about 780◦C in
the test.

4.4 Beam thrust

Good agreement between the predictions of the finite-
element model and the test results for the beam thrust
in Test 1 can be seen in Figure 13. The finite-element
model was conservative and predicted a maximum
beam compressive force of 39.8 kN at a beam bottom
flange temperature of about 540◦C, while the test gave
a maximum beam compressive force of 34.2 kN at a
beam bottom flange temperature of about 646◦C.

Figure 13. Comparison of the beam thrust between the FE
model predictions and the results of Test 1.

Figure 14. Comparison of the beam thrust between the FE
model predictions and the results of Test 2.

Figure 14 shows a comparison between the predic-
tions of the finite-element model and the test results
for the beam thrust inTest 2; where themodel was con-
servative and predicted amaximumbeam compressive
force of 39.8 kN at a beam bottom flange temperature
of about 540◦C, while the test gave a maximum beam
compressive force of 34.2 kN at a beam bottom flange
temperature of about 646◦C.

5 CONCLUSIONS

A 3D finite-element model of an unprotected axially-
restrained HSS steel beam connected to two HSS
columns by means of extended end-plate moment
connections has been developed using ABAQUS/
StandardV6.92 (2009). The finite-element model was
validated against the experimental outputs of two
large-scale fire-resistance tests that were conducted as
part of a doctoral research project at Carleton Univer-
sity, Ottawa, Canada. The comparisons demonstrated
that the finite-element model simulated the experi-
mental behaviour of the axially-restrained steel beams
and their end connections at elevated temperature
very well.
From both the experimental and the finite-element

model results, it can be concluded that increasing the
connection plate thickness from 12.7mm to 19.0mm
has increased the limiting temperature of the con-
nected steel beam at which failure occurred by about
65◦C. It was also noticed that the connection of
Test 1 with a thinner end plate failed due to excessive
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deformations in the beam end plate. In contrast, very
minimal deformations occurred in the thicker beam
end plate of the connection of Test 2. However, most
of the deformation in the connection ofTest 2 was con-
centrated in the column walls as a plastic hinge was
formed just below the connection plates. This raises
the need for stiffening the supporting columns either
by increasing their wall thickness or by the possibility
of pouring concrete inside the columns’ voids.
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Experimental behaviour of reverse channel connection component
under bolt tension at elevated temperatures

M. Jafarian &Y.C. Wang
School of Mechanical, Aerospace and Civil Engineering, University of Manchester, UK

ABSTRACT: This paper reports the results of a series of experiments to quantify the load-deflection behaviour
of the reverse channel component, used in reverse channel connection between steel beam to tubular column,
under bolt tension at elevated temperatures.A total of 9 tests were performed to investigate the effects of different
reverse channel widths (150 and 230mm), thicknesses (5.5 and 7.5mm), the number of bolts (one and two rows)
and temperature levels (20, 550, 750◦C) on the failure modes and load-deflection relationships. The results
indicate that failure modes can change at elevated temperatures due to different rates of reduction in strength
of the different connection components. Three failure modes were observed, including formation of yield lines
around individual bolt rows, formation of yield lines along the reverse channel web length and bolt fracture.
There was also some development of membrane action. The yield line results can be used to give a safe estimate
of the load carrying capacity of the component.

1 INTRODUCTION

Usage of steel hollow tubes has become increased
these days because of their advantages such as, aes-
thetically appealing, inherent high fire resistance and
fast construction speed. However, one of the main
obstacles holding back more widespread use of steel
tube and Concrete Filled Tube (CFT) columns in con-
struction is the difficulty of making connections with
desirable properties.Among existing types, a fin plate
connection lacks rotational rigidity, is weak and pos-
sesses very limited ductility (Ding & Wang (2007),
Yu et al. (2009)); using blind bolting to make endplate
connection is restricted to square or rectangular tubes
and the technology is best used when the bolt diameter
is small.
Reverse channel connection is a new type that can

be used with steel tubular columns of any shape, with
orwithout concrete infill.The behaviour of this type of
connection is now being extensively researched at the
University of Manchester. To make this connection, a
channel is welded to a steel tube through its flanges
and the beam is attached to the web of the channel
via an endplate. Since the channel has a limited depth,
access inside the channel is easy. Research conducted
at the University of Manchester so far (Ding &Wang
(2007), Jones (2008)) and at Imperial College, London
(Malaga-Chuquitaype & Elghazouli (2010)) suggest
that this type of connection is easy to fabricate, has
good rotational stiffness and bending moment capac-
ity that enable this type of connection to be treated as
semi-rigid and partial-strength connection, and very
good rotation capacity to survive severe accidental
loading.

However, to design and use the component based
modeling for this connection, it is necessary to have
detailed results of each component. This paper deals
with the reverse channel component with bolts in ten-
sion, at ambient and different elevated temperatures.

2 TEST SET UP

Figure 1 shows the test rig arrangement. The reverse
channel test specimen was welded to one thick steel
plate on the legs and bolted to another thick plate
on the web. Tension load, through a hydraulic jack,
was applied to the test specimen within a self-reacting
support frame.

2.1 Selection of the test specimens

A total of 9 tests were performed. Details of the test
specimens are presented in Table 1.
These nine tests are in three groups to investigate the

effects of channel sizes and number of bolts: RCT1-
RCT3 used UKPFC 150× 75× 18 with one row of
bolts; RCT4-RCT6 used UKPFC 150× 75× 18 with
2 rows of bolts; RCT7-RCT9 used UKPFC 230×
90× 32 with one row of bolts. For the narrower chan-
nels, the bolt spacing was 75mm and for the wider
channels, the bolt spacing was 90mm. For each bolt
group, three tests were performed at three temperature
levels (20◦C, 550◦C, 750◦C).
In the tests with more than one row of bolts, RCT4-

RCT6, the pitch was 90mm.
Figure 2 shows an example of the fabrication

details.
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Figure 1. Test rig arrangement.

Table 1. Test specimen details.

UKPFC Test No. tw tf D B No. Bolt-row L T (◦C)

150× 75× 18 RCT1 5.5 10 150 75 1 150 20
150× 75× 18 RCT2 5.5 10 150 75 1 150 550
150× 75× 18 RCT3 5.5 10 150 75 1 150 750
150× 75× 18 RCT4 5.5 10 150 75 2 230 20
150× 75× 18 RCT5 5.5 10 150 75 2 230 550
150× 75× 18 RCT6 5.5 10 150 75 2 230 750
230× 90× 32 RCT7 7.5 14 230 90 1 150 20
230× 90× 32 RCT8 7.5 14 230 90 1 150 550
230× 90× 32 RCT9 7.5 14 230 90 1 150 750

Where tw is the channel’s web thickness (mm); tf is the channel’s flange thickness (mm); D is the channel’s
width (mm); B is the channel’s Depth (mm); L is the specimen length (mm).

2.2 Displacement measurement

For ambient temperature tests, perpendicular displace-
ments to the channel web were measured by two
displacement transducers (Fig. 3) placed on top of
the thick steel plate due to impossibility of directly
attaching the transducers to the web.
The above transducer arrangement could not be

employed for the elevated tests because the specimen,
including the thick plate, was placed inside an elec-
trical kiln (A thermal insulated oven which produces
controlled temperature). Instead, small brackets were
tag-welded to the thick plate. Thin guitar wires were
attached to these brackets and then extended to outside
the kiln and attached to displacement transducers via
two pulleys. Figure 4 shows the arrangement.

2.3 Material properties

To determine the strength of the various segments
of the channels, a series of coupon tests have been

Figure 2. Typical fabrication details.
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performed at ambient temperature. Table 2 sum-
marises the tensile coupon test results.

3 TEST RESULTS

The elevated tests were done under steady state. The
specimen was heated to the target temperature first.
Loadwas then appliedwhilemaintaining the specimen
temperature. In all cases, the test was terminated when
the specimen experienced fracture and the applied load
could not be increased any further.

Figure 3. Transducer positions at ambient temperature.

Figure 4. Wires used to measure the displacement for
elevated temperature tests.

Table 2. Tensile coupon test results.

Coupon position Thickness Elongation E (N/mm2) fy (N/mm
2) fu (N/mm

2)

150× 75× 18 Flange 10 11.73 198322 325.08 593.59
Web 5.5 14.06 193256 326.58 626.22
230× 90× 32 Web 7.5 12.43 190190.4 442.11 669.48
Flange 14 13.05 186669.9 416.21 643.142

3.1 Deformation pattern and failure modes

Figure 5 shows the three failure modes observed from
the tests andTable 3 lists the failure mode of each test.

A. Formation of yield lines around individual bolt
rows.

B. Formation of yield lines along length.
C. Bolt failure.

It seems that the bolt pitch (bolt spacing along the
reverse channel length) in tests RCT4-RCT6 was too
large so the yield lines still formed around individ-
ual bolt rows as in the case of using one bolt row
in tests RCT1-RCT3. Because of this, the ultimate
loads in RCT4-RCT6 using two rows of bolts simply
doubled those in RCT1-RCT3 which used one row of
bolts. For tests RCT7-RCT9, more rapid reduction in
bolt strength at elevated temperatures forced a change
of failure mode from yield line mechanism along the
reverse channel length at ambient temperature to bolt
fracture at elevated temperatures.

3.2 Load-deflection curves

Figure 6 compares the recorded load-deflection
curves at different temperatures for RCT1-RCT3, all
used the smaller channel UKPFC 150× 75× 18 and
one row of bolts.
RCT1 was conducted at ambient temperature and

its load-deflection curve experienced a sudden drop in
load, which was due to cracking of the reverse channel
web around the bolt position, Figure 7.
Figure 8 presents results for RCT4-RCT6. Since

the failure mode in these tests was the same as in
RCT1-RCT3, the recorded load-deflection curves for
these tests were similar to those of RCT1-RCT3.
Using the principle of virtual work, the yield

line solution for yield lines around bolt rows (Fig. 9,
Pattern 1) is as follows:

where, P is the load on per row of two bolts. In deriv-
ing equation 1, the effect of bolt hole (d) should be
included.
Using equation (1), the ultimate bending resis-

tance for RCT1-RCT3 as 126.83 kN, 79.27, and 21.56
respectively and RCT4-RCT6 can be calculated as
253.67, 158.54, and 43.12 respectively, based on using
the steel strength reduction factors from CEN (2005).
The results for the ambient temperature cases aremuch
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Figure 5. Observed failure modes.

lower than the test results (given in Table 3) because
the calculation results were based on using the yield
strength of steel but the steel has considerable strain
hardening at ambient temperature. However, at high
temperatures (over 500) the strain hardening effect
diminishes.The calculated resistance is in good agree-
mentwith the test results.Thismeans that the yield line

Table 3. Failure loads of the tests.

No. Failure
Test Bolt- Temp. load Failure

UKPFC no. row (◦C) (kN) mode

150× 75× 18 RCT1 1 20 190.26 A
150× 75× 18 RCT2 1 550 86.90 A
150× 75× 18 RCT3 1 750 25.86 A
150× 75× 18 RCT4 2 20 384.7 A
150× 75× 18 RCT5 2 550 162.9 A
150× 75× 18 RCT6 2 750 46.36 A
230× 90× 32 RCT7 1 20 275.10 B
230× 90× 32 RCT8 1 550 100.3 C
230× 90× 32 RCT9 1 750 38.56 C

Figure 6. RCT1-RCT3 load-deflection curves.

Figure 7. RCT1, Web cracking.

solution is a safe estimate of the ultimate load of the
tests.
Figure 10 compares the results of these two series

of tests (RCT1-RCT3, RCT4-RCT6), with the loads
for RCT4-RCT6 being divided by 2 so that the loads
in Figure 10 represents that in one row of bolts. Since
the channel dimensions are the same and the failure
mode is formation of yield lines around individual bolt
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Figure 8. RCT4-RCT6 Load-Deflection.

Figure 9. RC1 and RCT4Yield patterns (Pattern 1).

row, the load-deflection behaviour per bolt row is very
similar between these two series of tests.
Figure 11 presents the test results for RCT7-RCT9,

which were conducted on the wider channel UKPFC
230× 90× 32 with one row of bolts.
This series of tests experienced two different fail-

ure modes: formation of yield lines along the entire
length of the reverse channel web (RCT7, at 20◦C) and
fracture of the bolts (RCT8 and RCT9, at 550◦C and
750◦C respectively). From the load-deflection curve
of RCT7, it is clear that there was considerable devel-
opment of membrane action, which is illustrated by
the increasing stiffness of the structure before failure.
For this case, the tangent stiffness of the structure is
almost constant during the initial stage of loading, then

Figure 10. Comparison of all test results.

Figure 11. RCT7-RCT9 Load-Deflection curves.

gradually decreasing when the plate is under elastic-
plastic bending, and starts increasing when the plate
is under membrane action. The onset of membrane
actionmay be takenwhen the second derivative of load
with respect to deflection (the first derivative of tan-
gent stiffness with respect to deflection) is zero. This
is shown in Figure 12, corresponding to a deflection
of 15mm and a load of 177.4 kN.
Under the yield line pattern along the entire reverse

channel length (Pattern 2), the strength (total load in
two bolts) of a specimen may be calculated using the
following equation:

The individual bolt fracture strength can be calcu-
lated as:

where At is the tensile stress area (M20= 245mm2)
and pt is the ultimate tensile stress of the bolt.
For per row of two bolts, equation 3 gives val-

ues of 169.56, 105.98, and 28.83 at 20◦C, 550◦C
and 750◦C; equation 3 gives 392 kN, 150.92 kN and
31.36 kN respectively. In these calculations, the bolt
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Figure 12. Corresponding load to zero stiffness variation.

strength reduction factors at elevated temperatures are
taken from CEN (2005), being 0.385 at 550◦C and
0.08 at 750◦C respectively.
According to the above calculations, the failure

mode for all three specimens should be formation of
yield lines along the reverse channel length. ForRCT7,
this is as observed in the test. For RCT9, the bolt
fracture load is slightly higher than the yield line solu-
tion. However, both modes give similar results that are
close to the test values. For RCT8, the observed failure
modewas bolt fracture yet the calculated value for bolt
fracture is much higher than the test result. Since the
equation for calculation of bolt tensile capacity (equa-
tion 3) is accurate and there was no prying action in the
specimen, it appears that the only source of inaccuracy
is the bolt strength reduction factor in EN 1993-1-2.
Furthermore, the calculated failure load for RCT7,

based on yield line formation, is lower than the mea-
sured value.This may be attributed to the development
of some membrane action in the reverse channel web
that is not included in the yield line calculation.
If using the previously determined load (177.4 kN)
before onset of membrane action, as determined based
on Figure 13, the calculated yield line solution of
169.56 kN is very close.
For comparison, the failure loads based on yield

line mechanism around bolt row can be calculated as
245.56 kN, 158.54 kN and 43.12 kN for tests RCT7,
RCT8 and RCT9 respectively. These values are much
higher than those for the other two failure modes,
eliminating this failure mode.
For further comparison, the strengths of RCT1-

RCT6 have been calculated for the two failure modes

Table 4. Comparison between different patterns.

Failure Failure Bolt
Section pattern 1 (kN) pattern 2 (kN) fracture (kN)

RCT1 126.83 164.65 392
RCT2 79.27 102.91 150.92
RCT3 21.56 27.99 31.36
RCT4 253.67 252.47 784
RCT5 158.54 157.79 301.84
RCT6 43.12 42.92 62.72
RCT7 245.56 169.56 392
RCT8 158.54 105.98 150.92
RCT9 43.12 28.83 31.36

observed in tests RCT7-RCT9 and the results are pro-
vided in Table 4. The governing failure mode is the
formation of yield lines around bolt row, as observed
in the tests.
Table 4 shows the comparison between test and

calculation results for the two observed failure modes
for all tests.

4 CONCLUSIONS

This paper has presented the experimental results of
a total number of 9 tests conducted to investigate
the behaviour of Reverse Channel connection to con-
crete filled steel tubes. The bending strengths of these
tests were calculated based on the observed failure
modeswhich included yield line formation around bolt
row, yield line formation along reverse channel length
and bolt fracture. The following conclusions may be
drawn:

– The observed failure modes agree with the modes
that give the minimum calculated strengths for all
specimens except test RCT8. For RCT8, it appears
that the bolt strength reduction factor at 550◦C in
EN 1993-1-2 is much higher than for the bolts used
in the test.

– It is possible for the failure mode to change from
reverse channel web failure to bolt fracture because
of the faster reduction in strength of bolts at elevated
temperature compared to that of steel plate.

– At ambient temperature, the effect of strain harden-
ing is considerable. For these cases, the yield line
solution gives a safe lower estimate of the load car-
rying capacity of the structure. The effect of strain
hardening diminishes at high temperatures.

– If yield line formation is along the entire length
of the reverse channel web, there is potential for
considerable development of membrane action.

ACKNOWLEDGEMENT

The research reported in this paper is part of the
COMPFIRE project, funded by the European Union,
through grant RFCS (RFSR-CT-2009-00021).

628



REFERENCES

CEN 2005. EN1993-1-8: 2005 Design of steel structures.
Part 1-2 General rules Structural fire design. London:
British Standards Institution.

Ding, J. &Wang,Y. C. 2007. Experimental study of structural
fire behaviour of steel beam to concrete filled tubular col-
umn assemblieswith different types of joints. Engineering
Structures, 29, 3485–3502.

Jones, M. H. 2008. Tensile And Shear Behaviour Of Fin-
Plate Connections To Hollow And Concrete-Filled Steel

Tubular ColumnsAtAmbientAndElevatedTemperatures.
PhD, Manchester.

Malaga-Chuquitaype,C.&Elghazouli,A.Y. 2010.Behaviour
of combined channel/angle connections to tubular
columnsundermonotonic and cyclic loading.Engineering
Structures, 32, 1600–1616.

Yu, H. X., Burgess, I. W., Davison, J. B. & Plank, R. J.
2009. Experimental investigation of the behaviour of fin
plate connections in fire. Journal of Constructional Steel
Research, 65, 723–736.

629





Tubular Structures XIV – Gardner (Ed.)
© 2012 Taylor & Francis Group, London, ISBN 978-0-415-62137-3

Behaviour of steel beams connected to CFT column in fire
during cooling stage

S. Elsawaf, Y.C. Wang & P. Mandal
School of Mechanical, Aerospace and Civil Engineering, University of Manchester, UK

ABSTRACT: This paper focuses on steel framed structures using Concrete Filled Tubular (CFT) columns and
the objective of this paper is to find means of reducing the risk of structural failure during cooling. It reports
the results of a study using the general finite element software ABAQUS to numerically model the behaviour
of restrained structural subassemblies of steel beam to CFT columns and their joints in fire, emphasizing on
the cooling stage. Validation of the finite element model was achieved by comparing the simulation and test
results for the two fire tests investigating cooling behaviour using reverse channel and fin plate connections,
recently conducted at the University of Manchester. The finite element models give very good agreement with
the experimental results and observations. Remarkable differences in tensile forces in the connected beams
were observed during the tests depending on the beam temperature at which cooling started. This leads to the
suggestion that in order to avoid connection fracture during cooling, it may be possible to reduce the limiting
temperature of the connected beam by a small value (<50◦C) from the limiting temperature calculated without
considering any axial restraints in the beam.

1 INTRODUCTION

Collapse of theWorld Trade Center buildings (FEMA
2002) and results of the Cardington full-scale eight-
storey steel framed building fire tests in the UK
(Newman 2004) have demonstrated that steel joints
are vulnerable during both the heating and cool-
ing phases of fire. Joint behaviour in fire is cur-
rently one of the most important topics of research
on structural fire resistance; however, most of the
present research studies have focused on the heating
phase.
During the cooling stage of a fire, when the beam

temperature decreases, if thermal shortening of the
beam is restrained, large tensile forces may be induced
in the beam (Wang 2002; Wang 2005). In the mean-
time, because of the larger thermal mass of the
connection region compared to the beam, the con-
nection temperature may still be rising, so reduction
in the connection strength continues. This coupling
of connection strength reduction and beam tensile
force increase may result in fracture of some connec-
tion components, leading to possible structural failure.
Although this has caused concern, the authors are not
aware that any systematic research has been under-
taken to find ways of preventing connection failure
during cooling.
This research extends the experimental study of

Ding & Wang (2007) and will conduct extensive
numerical simulations to explore different methods of
enabling reverse channel connections to survive the
entire fire exposure, particularly during the cooling

phase. This study has the following two specific
objectives;

– To develop and validate a three-dimensional (3-D)
FE model using ABAQUS software for modelling
the behaviour of restrained structural subassem-
blies of steel beam toConcrete FilledTubular (CFT)
columns using reverse channel connections during
cooling.

– To conduct parametric studies to findmeans of con-
nectiondesign to reduce the risk of structural failure
during cooling.

2 VALIDATION OF THE NUMERICAL
SIMULATION MODELAGAINST THE
TEST RESULTS OF DING &WANG (2007)

2.1 Description of the finite element model

Figure 1 shows the experimental set up and details
of the fire tests as provided in Ding & Wang (2007).
As in the authors’ recent research studies (Elsawaf
et al. 2011; Elsawaf &Wang 2012), three-dimensional
solid elements (C3D8I) were used to model the main
structural members. The tested structure was symmet-
rical in geometry. Therefore, to save computational
time, it was decided to include only half of the test
assembly in the finite element model. Furthermore,
to reduce the number of elements and nodes in the
FE model, the column was divided into three parts
and only the central part connected by the joint and
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exposed in fire in the furnace was actually modelled
using the solid elements.Theother twoparts away from
the joint zone were modelled using general beam ele-
ments with “box” cross section for the steel tube and
“rectangular” cross section for the concrete infill. The
ABAQUS “Coupling” function was used to join the
three column parts.A series ofABAQUSmodels were
built and run to assess sensitivity of the simulation
results to FE mesh. Figure 2 shows the FE mesh for
fin plate and reverse channel connections. The reduc-
tion factors for strength and elastic modulus of carbon
steel at elevated temperatures provided in EN 1993-1-
2 were used. In the test structures, many contact pairs
existed in the joints. The ABAQUS contact function
was used to simulate the interaction between the con-
tact pairs. In order to reduce the computational cost, a
contact was defined as surface to surface contact with
a small sliding option. “Hard contact” was assumed
for the normal contact behaviour and a friction coef-
ficient of 0.3 was used in the tangential direction of
the contact pairs. The boundary conditions of the FE
model were according to those in the test: the bottom
of the columns was pinned in all three directions and
the top of the columns was pinned in two directions
but movement along the column longitudinal axis was
allowed. Since only half of the beam was included in
the FE model due to geometrical and loading sym-
metry as discussed earlier, the beam mid-section was
fixed in the axial direction at all nodes, which effec-
tively prevented rotation about any axis in the beam
cross-section, but allowed the beam to twist about its
longitudinal axis.

Figure 1. Elevation view of schematic arrangement of test.

Figure 2. FE mesh.

The test beam had no lateral restraint and could
move sideways. But in the test, in order to ensure that
the loading jacks remained attached to the beam, each
loading jack was inserted into a steel bracket which
was then clamped on the top flange of the beam.There-
fore, in the numerical model the four corners of the
loading plate were laterally restrained. As in the test,
the FEmodelling applied the loads in two steps: (i) two
point loads were applied to the beam at ambient tem-
perature; (ii) while maintaining the structural loads,
the structural temperatures were exposed to fire attack
until the end of the fire test. In the FE model, six dif-
ferent temperature curves based on test measurements
were adopted for different parts of the structure: a total
of three temperature curves for the bottom flange, web
and top flange of the beam; one temperature curve for
the joint zone which included all the bolts, nuts and
connection components as well as 100 mm length of
the beam in the joint zone; one temperature curve for
the steel tubular column in the joint region; one tem-
perature curve for concrete fill in the joint region. The
temperature of the column away from the joint zone
was set at ambient temperature.

2.2 Finite element results

In order to evaluate reliability of the 3D finite element
model, test results of two different fire tests recently
conducted at the University of Manchester, one using
reverse channel connection and the other using fin
plate connection, are used for direct comparison. The
test results included deformation patterns, beam mid-
span deflections and beam axial forces. As detailed in
the following sections, this comparison demonstrates
that the 3-D finite element model is able to success-
fully simulate the fire tests during both the heating and
cooling stages.

2.2.1 Test 9 of Ding &Wang: fin plate connection
Test 9 of Ding & Wang (20047) used CHS
193.7× 5mm tubes and fin plate connection. Figure 3
shows details of the connection.There was no fire pro-
tection on the joints. During the test, the furnace fire
exposure was stopped and fan-assisted cooling started
just when the beam was about to change its behaviour
from bending to catenary action. Figure 4 presents the
input temperature-time relationships for the beamweb

Figure 3. Geometrical details of fin plate connection in
test 9.
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and flanges, the steel tube, the connection zone and the
concrete fill.
Figure 5 compares the modelling and experimen-

tal results for deformation modes of the beam and
the joint. It can be seen that the observed deforma-
tions of the joint components and the beam were
closely followed by the numerical model. As shown
in Figure 5(a), there was no fracture and failure of
the sub-frame. Due to expansion and bending of the
steel beam, the bottom flange of the beamwas bearing
against the CFT columns during the heating stage, as
shown in Figure 5(a) & (b). Apart from these, there
was no noticeable deflection in the steel tubes. Due
to large twist in the beam, the fin plates were also
twisted to one side as shown in Figure 5(b). Fig-
ure 6 compares themeasured and simulated beamaxial
force and beam mid-span deflection as functions of
the beam lower flange temperature at mid-span. The
test structure experienced high compression but small
lateral deflection during the thermal expansion stage.
Because cooling started just after the beam reached its
limiting temperature for bending, the beam also devel-
oped high tension forces during the cooling stage. The
simulation results have accurately captured the entire
cycle of beam behaviour.

Figure 4. Time-temperature relationships used for Test 9.

Figure 5. Behaviour of test 9 of Ding and Wang (2007).

2.2.2 Test 10 of Ding &Wang: reverse channel
connection

Test 10 of Ding & Wang (20047) used CHS
193.7× 5mm tubes and reverse channel connection.
Figure 7 shows details of the connection. There was
no fire protection on the joints. Figure 8 presents the
input temperature-time relationships for the beamweb
and flanges, the steel tube, the connection zone and the
concrete fill.
Figure 9 compares the modelling and experimen-

tal results for deformation modes of the beam and
the joint. It can be seen that the deformation pat-
terns obtained by the simulation and from the test are
very close. No failure was observed in both the test

Figure 6. Comparison between modeling and experimental
results for mid-span deflection and axial force in the beam
with fin plate connections (Test 9 of Ding and Wang 2007).

Figure 7. Geometrical details of reverse channel connection
in Test 10 of Ding and Wang (2007).
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Figure 8. Time-temperature relationships used for Test 10
(reverse channel connection) of Ding and Wang (2007).

Figure 9. Behaviour of test 10 of Ding and Wang (2007).

specimen and numerical model. The beam was bent
slightly, as shown in Figure 9(a). There was no visi-
ble deformation in the steel tube and the connection
region, as shown in Figure 9(b). Figure 10 shows that
both the numerical andmeasured beam axial force and
beam mid-span deflections match well. The test struc-
ture experienced large compression during the thermal
expansion stage. However, unlike Test 9, because in
this test cooling started just before the beam reached
its limiting temperature in bending, the beam was still
in substantial compression when cooling started. As a
result, the residual tensile force in the beam was quite
small when compared with Test 9 of Ding & Wang
(2007). This is closely predicted by the FE model.
The above comparisons demonstrate that the

authors’ABAQUS model is valid.

3 BEHAVIOUR OF RESTRAINED
STRUCTURAL SUBASSEMBLIES OF STEEL
BEAMTO CFT COLUMN IN FIRE DURING
COOLING STAGE

The validated numerical model is used to conduct
extensive numerical simulations in order to investigate

Figure 10. Comparison between modeling and experimen-
tal results for mid-span deflection and axial force in the beam
with reverse channel connections (Test 10 of Ding andWang
2007).

Figure 11. Dimensions and boundary condition of structure
assembly.

the behaviour of reverse channel connections between
steel beams and CFT columns under cooling. The aim
of this investigation is to find means of reducing the
risk of joint failure during the cooling stage. Com-
pared to flush and extended endplate connections, a
flexible end plate connection is more likely to fail dur-
ing cooling.Therefore, this research focuses on reverse
channel connectionusing a flexible endplate. Figure 11
show details of the connection. Figure 12 shows the

634



Figure 12. Basic geometrical details of flexible end plate
connection to reverse channel.

Figure 13. Input time-temperature curves for different parts
of the simulation structure.

structure arrangement to be simulated in this research.
It represents a steel beam connected to two Concrete
Filled Tubular (CFT) columns. The top and bottom
of the columns are rotationally unrestrained but are
horizontally restrained to simulate the lateral stabil-
ity system in a real structure. The beam was assumed
to be fully restrained in the lateral direction to repre-
sent the effect of the concrete slab. Initial applied load
ratio in the beam= 0.7. Here the load ratio is defined
as the ratio of the maximum bending moment in the
simply supported beam to the plastic moment capac-
ity of the beam at ambient temperature. This structural
arrangement is the same as used in the fire tests of
Ding and Wang (2007) but the dimensions are more
realistic. The temperature profiles for different parts
of the structure are shown in Figure 13.

3.1 Simulation Results for the basic case

Figure 15a shows axial force developments in the beam
with continuous heating only andwith heating up to the
beam’s limiting temperature followed by cooling. At
the beginning of fire exposure, due to restrained ther-
mal expansion, an axial compression force is present
in the beam and the compression force increases with
increasing temperature until reaching the maximum
value (113 kN) at 437◦C. Afterwards, the beam mid-
span deflection (Figure 15b) starts to increase more
rapidly until reaching 658mm (more than span/20) at

Figure 14. Failure modes of connection

the maximum beam temperature of 585◦C (the beam’s
limiting temperature), as shown in Figure 14b. For the
beamwith continuous heating, failure occurs at 618◦C
after some catenary action has developed in the beam.
For the beam in cooling, the beam deflection changes
within a narrow range because the beam deflection
is mainly plastic. However, due to restrained cool-
ing, the beam develops tension force at decreasing
temperature. Eventually, the connection fails at near
ambient temperature (22◦C) when the beam tension
force reaches about 168 kN, as a result of excessive
plastic strains (larger than 20% strain, see Figure 15c)
in the connection. As shown in Figure 14, failure is
caused by fracture of the reverse channel web around
the bolt holes and fracture at the reverse channel
web/flange junctions.
Figure 16 may be used to explain the variation of

plastic strain during the cooling phase as shown in
Figure 15(c).Assume a point in the structure is at tem-
perature T1 (585◦C, cooling start temperature), and
its stress-strain state is at point A on the stress-strain
curve atT1. On cooling, due to the change of the beam
axial force from compression to tension, the stress
decreases to point B and then starts to increase elas-
tically. During this stage, although the stress within
the steel increases as a result of the increasing ten-
sile force in the connection due to restrained thermal
contraction, the total strain is lower owing to increased
stiffness at lower temperatures.Therefore, for a consid-
erable period of time, the plastic strain is unchanged.
Near ambient temperature (T2), the stress-strain rela-
tionships at different temperatures are almost identical.
Therefore, further increase in tensile force in the con-
nection can only be accommodated by further strain
increase shown as point C in the figure. Once the strain
exceeds 15% (point D), the stress-strain curve enters
the descending branch and accelerated straining is nec-
essary to maintain structural equilibrium. Connection
failure occurs at 20% strain (point E).

4 PARAMETRIC STUDIES

The above simulation results for the basic case sug-
gest that there is a risk of connection fracture during
the cooling stage. A parametric study has been con-
ducted to investigate the effects of different design
parameters and how they may be changed to prevent
joint failure during the cooling stage. Table 1 lists all
the simulations carried out in the parametric study,
which covered two main parameters identified in the
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Figure 15. Beam mid-span deflection – temperature, beam
axial force – temperature and Maximum plastic strain –
temperature relationships.

previous section: difference between the beam’s limit-
ing temperature and the temperature (before reaching
its limiting temperature) at which cooling starts and
the beam’s axial restraint level. Table 1 also indicates
whether the connection has failed or not.

4.1 Effect of the beam maximum temperatures
(simulations 1–5)

Results of the basic parametric studies indicate that
connection may fail during the cooling stage. There-
fore, there is a need to find means of reducing the

Figure 16. Movement of critical strain between two differ-
ent temperatures.

Table 1. Summary of parametric study results.
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2 20% 0.7 585 10 7.5% F
3 20% 0.7 585 25 7.5% NF
4 20% 0.8 545 25 7.5% F
5 20% 0.8 545 50 7.5% NF
6 20% 0.7 570 0 15% F
7 20% 0.7 565 0 25% F
8 20% 0.7 561 0 50% F
9 20% 0.7 570 50 15% NF
10 20% 0.7 565 50 25% F
11 20% 0.7 561 50 50% F
12 20% 0.7 565 75 25% NF
13 20% 0.7 561 125 50% NF

F= Failure, NF=No Failure.

risk of structural failure during cooling. One possibil-
ity is to reduce the maximum temperature at which
cooling starts.Without considering the effects of axial
restraint, this temperature at which cooling starts is
the beam’s limiting temperature based on bending.
In an axially restrained beam, the axial force in the
beam is compression at temperature lower than the
limiting temperature and tension at temperature higher
than the limiting temperature. If the maximum beam
temperature before cooling is lower than the limiting
temperature in bending, thenwhen the beam is starting
to cool down, it is still in compression and this com-
pression can be used to reduce the tensile force in the
connection when the beam cools.
Figure 17 compares the beam’s axial force –

temperature and vertical deflection – temperature rela-
tionships between three cases: the beam’s maximum
temperature is equal to the beam’s limiting temper-
ature (case 1), the beam’s maximum temperature is
10◦C less than the beam’s limiting temperature (case
2) and the beam’s maximum temperature is 25◦C less
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Figure 17. Effects of the beam’s maximum temperature on
connection failure.

than the beam’s limiting temperature (case 3). From
Figure 17a, it can be seen that a very large tension force
(183kN) was generated in the beam, causing failure of
the connection before it had cooled down to room tem-
perature, as shown in Figure 17b with the maximum
connection strain exceeding the strain limit of steel.
Starting cooling at 10◦C below the beam’s limiting
temperature prolonged the connection’s survival time
during cooling but the connection still failed before
cooling down to ambient temperature. In contrast,
because the beam in case 3 was still experiencing high
compression when cooling started, maximum connec-
tion tension strain was lower than the strain limit of
steel throughout the cooling phase. Therefore, there
was no connection failure in case 3.
The reduction from the beam’s limiting temperature

to the beam’s maximum temperature before cooling
starts increases as the load in the beam increases
because of the existing higher connection tensile strain
at a higher load ratio. For example, in the case of
a high load ratio (0.8), the reduction in temperature
approaches 50◦C, as shown in Figure 18.

4.2 Effect of different levels of axial restraint
(simulations 6–13)

The level of axial restraint is obviously an important
parameter affecting beam and connection behaviour

Figure 18. Effects of load ratio on the beam’s maximum
safe temperature during cooling-Maximum plastic strain –
temperature relationships.

Figure 19. Effects of axial restraint level.

during cooling. All other conditions being the same,
the tension force in the connection and the beam
increases as the axial restraint stiffness increases and
therefore the risk of connection failure during cooling
increases. For example, Figure 19b compares themax-
imum connection strain at three levels of axial restraint
stiffness (15%, 25% and 50% of beam axial stiffness
KBA).Themaximumbeam temperature when cooling
starts is the same, being 50◦C lower than the beam’s
limiting temperature. The results in Figure 19 show
that the connection in all the three cases failedwhen the
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Figure 20. Effects of cooling temperature at different levels
of axial restraint.

beam starts to cool at the beam’s limiting temperature
but failure occurred at different temperatures. When
the beam starts to cool at 50◦C lower than the beam’s
limiting temperature in case of KA= 0.15 KBA there
is no failure during cooling. But connection failure
occurs if the axial restraint stiffness is higher. It should
be pointed out that the axial restraint stiffnesses used
are high compared to that in realistic design.To enable
the beam with higher axial restraint stiffnesses to sur-
vive the cooling phase without a connection failure,
further reductions from the beam’s limiting temper-
ature to the maximum temperature at which cooling
starts should be considered. For example, Figure 20
shows that a reduction of 75◦C is necessary for the
case of 25% axial restraint stiffness and 125◦C for the
case of 50% restraint stiffness.

5 CONCLUSIONS

Based on the results of the reported numerical results,
the main conclusions are:

– For beams with realistic levels of axial restraint
stiffness (connection tensile stiffness <=15% of
beam axial stiffness), an effective and simple
method is to reduce the temperature at which cool-
ing starts from the beam’s limiting temperature.
Reducing the beam’s limiting temperature by 50◦C
has been demonstrated to be safe to enable the
beam to survive the entire cooling phase without
a connection failure.
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Fire resistance for square tubular joints with and without
chord reinforcement
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ABSTRACT: The chord surface around the brace/chord weld toe for a square welded tubular joint is the critical
position because failure occurs frequently at this location due to the weak stiffness in the transverse direction
of the chord which is generally a thin-walled tube. To improve the load carrying capacity, the chord of a square
tubular joint can be strengthened locally near the joint connection. Through Finite Element (FE) analysis, the
fire resistance of both un-reinforced and chord reinforced tubular T-joints is investigated. The chord reinforcing
measure for the T-joints is increasing the chord thickness around the brace/chord intersection locally. In the FE
analysis, the duration of fire resistance, the reaction force in restrained chord ends and the deforming process
of two typical tubular T-joints under axial compression are analyzed and discussed. The effect of brace axial
loading ratio on the fire resistance is also considered. Based on the FE analysis, it is found that a tubular joint
with chord reinforcement has a much longer duration of fire resistance compared to an un-reinforced joint. In
addition, the failure mode of a chord reinforced tubular joint model can be changed to tube yielding if a suitable
reinforcing scheme is used while joint failure is always the dominant mode for an un-reinforced tubular joint.

1 INTRODUCTION

Welded tubular structures are widely used in practical
engineering such as stadium, bridge, tower and off-
shore engineering. For these structures, one or several
smaller steel tubes (called brace member) are welded
directly onto the outer surface of a bigger steel tube
(called chord member) to form a connection namely
tubular joint. Tubular joint is a very critical position
in a welded tubular structure due to two principal rea-
sons: (1) discontinuous stiffness at the weld toe causes
high stress concentration in this region; (2) welding
process produces residual stresses around the weld
toe. Additionally, a tubular joint is mainly subjected
to brace axial loading and thus the chord always sus-
tains external loading in its transverse direction. As
the square steel tubes used in welded tubular struc-
tures have large width/thickness ratio, especially for
the chord (the ratio is generally bigger than 20), they
are much closer to behave as thin-walled structures.
It is well known that the transverse stiffness of a thin-
walled tube ismuch smaller than its axial stiffness, and
hence the chord surface around the weld toe becomes
the failure region in most cases when a tubular joint is
subjected to brace axial loading. Therefore, it is effec-
tive to improve the load carrying capacity of a tubular
joint by reinforcing the chord locally near the weld toe.
In the literature, there are many reported reinforc-

ing methods for welded tubular joints. However, most

research work is focused on circular tubular joints,
such as stiffened internal ring reinforcement, doubler-
or collar-plate reinforcement, increasing local chord
thickness reinforcement and inner plate reinforcement
etc. All of the above reinforcing methods have been
proved to be effective in improving the static strength
or hysteresis of tubular joints if the reinforcement is
positioned appropriately. Relatively scarce studies on
static or hysteretic behaviour of square tubular joints
have been reported. Li et al (2011) studied the hys-
teretic behaviour of chord reinforced square tubular
T-joints and found such reinforcement can improve
the energy dissipation greatly. Although tubular joints
with chord reinforcement have higher load carrying
capacity, this conclusion is based on the analysis for
tubular joints in ambient temperature. In recent years,
many reports regarding the collapse of stadiums or
bridges after fire are found, and considering severe
consequences of large stadium or bridge in fire, it is
important to do some research work in this field to
investigate the failure process of welded tubular joints
in fire, and then to find some feasible measures to
increase their fire resistance.
Although it is well known that steel is heat sensitive

material, previous studies were focused on compo-
nents or connections in building structures such as
beams, columns, slabs or beam-column connects etc.
Very scarce research work on fire resistance of welded
tubular joints has been conducted in the past decade,
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and a few research studies are focused only on circular
tubular joints. Among these studies, Liu et al (2010)
carried out an experimental test on a welded tubular
truss under fire condition, and they found the final
failure is local buckling of brace members under com-
pression. Yu et al (2011) studied the fire resistance of
a tubular T-joint after impact and found the failure is
due to local buckling of the chord. Nguyen et al (2010)
conducted both experimental and numerical analyses
on the static strength of several tubular T-joint models
in different elevated temperatures. However, they did
not consider the accumulated deformation effect on
the load carrying capacity in heating time under fire
condition. To develop a further study on the mecha-
nism analysis of fire resistance, it is necessary to carry
out some work to investigate the behaviour of square
tubular joints in fire.

2 FUNDAMENTALS OF HEAT TRANSFER
ANALYSIS

2.1 Geometry of a tubular T-joint without or with
chord reinforcement

For a square welded tubular joint without any rein-
forcement, one or several brace members are welded
directly onto the outer surface of a chord member.
A typical square tubular T-joint is shown in Fig. 1.
As mentioned previously, it is effective to increase
the load bearing capacity by reinforcing the chord in
local position near the brace/chord intersection. Fig. 2
shows the typical reinforcingmeasure, i.e. chord thick-
ness reinforcement. For this reinforcing method, the
chord comprises two types of tubes which have differ-
ent thicknesses. The two tubes have same outer width
and they are connected together by butt weld. The

Figure 1. An un-reinforced square tubular T-joint.

Figure 2. A chord reinforced square tubular T-joint.

tube at the brace/chord intersection region has a bigger
thickness to increase its transverse stiffness.

2.2 Heat transfer theory

The fire resistance analysis can be attributed to a prob-
lemof heat transfer analysis. For a tubular joint in a fire
environment, it is essential to know the exact tempera-
ture elevating process. Such a process can be evaluated
froma temperature – time relationship curve.Themost
commonly used heating curve in fire condition is ISO
834 curve, in which the temperatures at different time
are specified in the following equation

In Eq. (1), T is the environmental temperature with a
unit of centigrade, and t is the heating time with a unit
of second. Fig. 3 shows the temperature-time curve in
accordance with Eq. (1).
Although Eq. (1) specifies the relationship between

environmental temperature and heating time, it is nec-
essary to obtain the temperature distribution on the
tubular joint so as to analyze its fire resistance. In a fire
condition, heat will tansfer between the environment
and the tubular joint from conduction, convection or
radiation. In the calculation of such heat transfer, some
fundamental parameters of the environment must be
known. The principal parameters include film coeffi-
cient and emissivity coefficient. The exact values of
the two parameters are difficult to obtain accurately
in theory. The feasible method is to study such values
by using finite element investigation based on evalu-
ation from experimental results. The temperatures at
different positions are then deduced and expressed as
the following equation.

where k is the coefficient of thermal conductivity, Ti
is the temperature on the inner surface of the tubular
joint; Ts is the temperature on the outer surface of
the tubular joint; T∞ is the surrounding atmosphere
temperature; Tsur is the temperature of body emitting
radiation; h is the coefficient of heat convection; ϕ
is the shape influence coefficient; ε is the absorption

Figure 3. ISO834 heating curve.

640



rate; σ is Stefan-Boltzmann’s constant; and l is thewall
thickness of the tube.
Eq. (2) is concluded based on energy conservation

criterion.The left part of the equation is heat-flow den-
sity of conduction in steel from the outer surface of
tube wall to the inner surface. The right parts are con-
vection heat-flow density and radiation heat transfer
rate. The energy transferring into tube wall from the
surrounding environment shouldbe equal to the energy
transferring in the tube wall.
In Eq. (2), the emissivity is assumed to be equal to

the absorption rate, and the heat transferring in tube
wall is one-dimensional and linear along the radial
direction. The value of k is a constant value which can
be obtained from material property. The value of l is
determined from the chord length once the geometry
of the tubular joint is determined. The values of the
coefficients h and ε are 25 h/W ·m−2 ·K−1 and 0.5
respectively in the finite element analysis.

2.3 Material properties

The material properties of steel are quite sensitive to
high temperature. In general, the elastic modulus and
the yield stress both reduce in an elevated temperature.
The commonly used material Q235, in which Qmeans
yielding stress and 235 means its value is 235N/mm2

at ambient temperature, is taken as an example. The
elastic modulus for steel Q235 is 206× 103 N/mm2 at
ambient temperature. Considering an elastic – perfect
plastic material model, the stress-strain relationship at
elevated temperature for steel Q235 without harden-
ing stage can be obtained from the specification in
Eurocode 3 (2005), and such a relationship is illus-
trated in Fig. 4. The values of the elastic modulus and
the yield stress at different elevated temperatures are
obtained by multiplying a reduction factor to the val-
ues of the two parameters in ambient temperature. For
other material parameters, such as density, Poisson’s
ratio and thermal expansivity, the values can be also
obtained from the specification in Eurocode 3 (2005).
Another consideration is about creep in elevated

temperature. It is advised byTan et al (2002) that tran-
sient analysis should be carried out to consider the
creep effectwhen the temperature in the steel is beyond
450◦C, which usually occurs in building fires. Taking
creep into consideration is complicated and difficult

Figure 4. Stress-strain relationship at elevated
temperatures.

in the analysis. However, Jiang et al (1999) presented
some constitutive relations of steelmaterial which take
the creep into account. Another method to take creep
into consideration is using fully coupled thermal-
stress analysis. For sequentially coupled thermal-stress
analysis, creep is not included. The stress-strain rela-
tionship specified in Eurocode 3 (2005) also does not
take creep into account, and this study follows the
method specified in Eurocode 3.Whether this assump-
tion is suitable is needed to be assessed. The possible
method to evaluate the effect of ignoring the creep
effect in fire resistance analysis can compare the theo-
retical or numerical resultswith experimental results to
check if the different results agree well. In this study,
the feasibility of not considering the effect of creep
is assessed by comparing finite element results with
corresponding reported experimental measurements.

3 FINITE ELEMENTANALYSIS FOR FIRE
RESISTANCE OF TUBULAR JOINTS

Finite element (FE) method is still a widely used tech-
nique in solving many engineering problems due to
its low cost, fast calculation and reasonable accuracy
although experimental test is absolutely the most chal-
lenging method. Especially for fire analysis, it is quite
time-consuming and expensive conducting a fire test.
It is hence critical to build a correct and accurate
finite element model in analyzing fire resistance of
welded tubular joints.As fire resistance is a heat trans-
fer problem, the stress/displacement solution depends
on the temperature field. In the commonly used finite
element software ABAQUS, a sequentially coupled
thermal-stress analysis can be conducted to solve heat
transfer problem. For thismethod, the fire resistance of
a tubular joint can be classified into two stages: (1) heat
transfer stage, and (2) stress/displacement analysis. In
the first stage, external loading is not applied to the
tubular joint, and the tubular joint is only experienc-
ing the heating process. The temperature distributions
at different time can be calculated. Then such tem-
peratures are taken as known quantity to analyze the
stress/displacement in the second stage.

3.1 FE mesh

During the process of pure heat transfer, element
DC3D8, which is an 8-node linear heat transfer
brick element, is used in the analysis. C3D8I is
chosen as the element type during the analysis of
stress/displacement. ‘I’denotes incompatible elements
which are first-order elements enhanced by incompat-
ible modes to improve their bending behaviour. The
primary effect of these modes is to eliminate the par-
asitic shear stresses that cause the response of the
regular first-order displacement elements to be too
stiffened in bending.
Convergence is another significant problem in FE

analysis, and more elements should be used in the
region with high stress gradient to ensure the numeri-
cal results converge to the actual solution. In a welded
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Figure 5. Finite element mesh.

tubular joint, the region around the brace/chord inter-
section on the chord surface is definitely important
position as failure occurs mostly in this location.
Therefore, more elements with smaller size are gener-
ated in this critical region. In the zones far away from
the intersection, coarse mesh can be used for saving
computing time. Using this mesh generation scheme,
theFEmeshes of tubularT-joints bothwithout andwith
chord reinforcement are shown in Figs. 5(a)–5(b).

3.2 FE results

In the finite element analysis, two typical T-joint mod-
els in Table 1 are studied. The twoT-joint models have
different brace/chord diameter ratios. b0, t0 and l0 are
the width, the thickness and the length of the chord
member respectively. Accordingly, b1, t1 and l1 are
the width, the thickness and the length of the brace
member respectively. For the chord reinforced T-joint
models, lc and tc are used to denote the corresponding
length and thickness of the locally reinforced chord.
For model T1, lc and tc are 80mm and 6.4mm respec-
tively. For model T2, lc and tc are 448mm and 14mm
respectively.
In the fire resistance analysis, theT-joint models are

assumed to be subjected to brace axial compression
loading with a fixed magnitude. Then the environ-
mental temperature is elevated in accordance with the
ISO 834 heating curve. During the heating process,
the chord deformation at the brace/chord intersection
together with the corresponding elevated temperature
is analyzed to assess the fire resistance. The chord
deformation is defined as the displacement difference
between the top surface and the bottom surface of the
chord member. In addition, both ends of the chord
are fixed in the FE analysis to capture the maximum
restrained reaction force at the boundary due to heat
transfer and expansion. Such restrained reaction force
is also significant in evaluating the fire resistance of
the tubular joints because it causes compression or
tension in the cross section of the chord in its axial
direction. Such compression or tension may bring
beneficial or harmful effect on the loading bearing
capacity of a tubular joint in fire.
Before the fire resistance, the static strengths of the

two un-reinforced T-joint models T1 and T2 in Table 1
at ambient temperature,Fcr , are calculated by using FE
analysis. For each model, four loading cases, namely
20% Fcr , 40% Fcr , 60% Fcr and 80% Fcr , are applied
to the brace end to investigate the influence of loading

Table 1. Dimensions of two T-joint models.

b0 b1 t0 t1 l0 l1
Model (mm) (mm) (mm) (mm) (mm) (mm)

T1 100 40 4 2.8 750 300
T2 280 224 7 4.9 2996 750

Table 2. Loading cases.

20% 40% 60% 80%
Fcr Fcr Fcr Fcr Fcr

Model (kN) (kN) (kN) (kN) (kN)

T1 28 5.6 11.2 16.8 22.4
T2 234 46.8 93.6 140.4 187.2

Figure 6. Relationship between chord deformation and
temperature.

level on the fire resistance. The detailed values of the
four loading cases are provided in Table 2.
The failure process can be evaluated reasonably

from the variation of the chord deformation as the
applied load is fixed at a constant value which is less
than the static strength at ambient temperature. The
chord deformation in a fire accumulates with elevated
temperature, and Figs. 6(a) and 6(b) show the rela-
tionship between chord deformation and temperature
for both un-reinforced and chord thickness reinforced
T-joint models. In Figs. 6(a) and 6(b), RT1 and RT2
denote the first and the second chord reinforced T-
joint models respectively. For the first T-joint model,
as seen from Fig. 6(a), the deformed process of the
reinforced models is different from that process of the
un-reinforced one. The chord deformation of the rein-
forced model is smaller than that of the corresponding
un-reinforced model, and the chord deformation is
quite small even at 600◦C. The applied loading ratio
has critical effect on the deformation of the T-joint
models in fire, and it deteriorates the chord stiffness
in the radial direction. The chord deformation experi-
ences a negative increase firstly, and then it increases
gradually to become positive. As the chord deforma-
tion is defined as the difference of the displacement
between the top and the bottom surfaces, as shown
in Fig. 7(a)–7(b), a positive value means the distance
between the top and the bottom surfaces becomes
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Figure 7. Definition on chord deformation.

smaller while a negative one means such distance
becomes bigger.The negative value of the chord defor-
mation in the initial stage is caused by the restrained
heat expansion with fixed boundaries at the chord
ends.When temperature increases, theYoung’s modu-
lus and the yield stress of the steel material decrease,
and the deflection of the chord becomes bigger, which
reduces the restrained heat expansion. For the second
T-joint model, similar conclusions can be obtained.
Additionally, somedifferences are listed as follows: (1)
chord thickness reinforcement seems to bemore effec-
tive in resisting the chord deformation for the second
model, and chord deformation is quite small; (2) the
chord deformation is always negative when the load-
ing ratio is 20% for the un-reinforced T-joint model.
This means the displacement on the top surface is
always smaller than the displacement on the bottom
surface. This shows heat expansion is dominant when
this model is subjected to a lower load. Heat expan-
sion produces compression stress on the cross section
of the chord, and thus causes the bottom surface to
buckle locally, which can be seen from Fig. 6(b). The
second T-joint model has a large β value and the top
surface of the chord does not buckle easily due to the
constraint of the brace.
In the failure definition of a tubular joint at ambi-

ent temperature, 3% deformation of the chord width
around the weld toe is generally used when there
is no apparent loading drop in the load-deformation
curve of this model. To study the reinforcing effi-
ciency in resisting fire, such definition is also used
to investigate the critical temperature Tcr and the cor-
responding required heating time t. Table 3 provides a
detailed comparison for the un-reinforced models and
the corresponding chord reinforced models. The fire
resistance of tubular joint models is evaluated from
the above two indices Tcr and t. Obviously, Tcr of the
reinforcedmodels ismuch higher than the critical tem-
perature of the corresponding un-reinforced models,
which means the reinforced models do not fail in fire
at a temperature while the un-reinforced models fail
exactly at this temperature. In addition, the heating
time to the critical temperature for the reinforcedmod-
els is also much longer than that for the un-reinforced
ones, and this also proves the reinforced models have
better fire resistance. Especially for the second model,
the joint will not fail in fire before the brace failure
when the local chord thickness is increase to be 2T (T
is original chord thickness).
The reaction forces at chord ends in fire for the

analyzed models are shown in Figs. 8(a) and 8(b).

Table 3. Comparsion of Tcr and t for the un-reinforced and
the corresponding chord reinforced models.

Model F/Fcr Tcr(◦C) t(s)

RT1 0.2 543.1/747.4 620/1476
0.4 185.2/651.6 190/950
0.6 108.8/583.0 116/804
0.8 50.2/522.9 54/684

RT2 0.2 293/BF 435/BF
0.4 216.6/BF 324/BF
0.6 118.4/BF 185/BF
0.8 66.1/BF 105/BF

Note: BF stands for brace failure.

Figure 8. Relationship between reaction force at chord ends
and temperature.

Generally, compression forces initiate at chord ends
due to the heat expansion in elevated temperature and
chord boundary constraints. As the chord ends are
fixed, such expansion is restrained and compression
stresses on the cross section increase with the increas-
ing temperatures. In the initial stage, the compression
forces increase quickly in an approximately linearway.
The reaction forces for all models reach peak value
at a critical temperature less than 100◦C, and then
their values begin to decrease after the critical tem-
perature. Some differences exist for the un-reinforced
models when they are subjected to different loading
ratios. For example, the maximum reaction force of
the un-reinforced model with a bigger loading ratio
(i.e., 80% Pcr) is much lower while the peak value
for the un-reinforced model with a lower loading ratio
(i.e. 20% Pcr) is almost the same as that of the reac-
tion force for the corresponding reinforced models.
The above results can be explained in different mech-
anisms. In case of reinforcement or low loading ratio,
the chord behaves mainly as an axially loadedmember
because its deflection is very small. In this condition,
the expansion of the chord in fire is limited in a longer
time. However, for the un-reinforced model with big-
ger loading ratio, the deflection of the chord is also
bigger, which makes the chord behaves more like a
flexural beam. In case of large deflection, cantenary
effect initiates and tensile stresses exist on the cross
section to reduce the compression due to the expansion
restrictions
The peak value of the reaction force can also be

used to assess the stress situation on the cross section
of the chord ends. As the steel material is assumed

643



to be elastic-perfect plastic, the maximum stress on
the cross section of the chord ends is the yield stress.
Based on this condition, the maximum reaction force
at chord ends, Rmax, is calculated from the following
equation

where A is the area of the cross section of the chord, fy
is the yield stress of the steel material.
According to Eq. (3), the maximum reaction forces

for the two T-joint models are essentially the yield
loads which are calculated to be 361 kN and 1796 kN
respectively. From Figs. 8(a) and 8(b), the FE results
of the Rmax for the two models are 352 kN and 1705
kN respectively, which are very close to the predicted
results from Eq. (3). Hence, it can be concluded that
the maximum reaction force can reach yield loading
value when a T-joint is fixed at both ends or subjected
to a low loading scale in fire. However, the reaction
force can not reach yielding load when a high scale
loading is applied to the brace end. In theory, flexural
action becomes dominant when theT-joint is subjected
to a higher brace load, and the compression due to heat
expansion and boundary constraints at chord ends will
be released due to tensile action caused by bending
moment when large deflection of the chord occurs.
This is why the maximum reaction force of the T-joint
model under higher loading scale can not reach yield
load.

4 CONCLUSION

Based on finite element analyses, the fire resistance
of square tubular T-joints with and without chord
reinforcement is studied. From the finite element
investigation, the following two conclusions can be
made:

(1) The chord reinforcing methods can increase the
fire duration time and the critical temperature
before final failure efficiently, and thus to improve
the fire resistance of welded tubular joints.

(2) The reaction force at the chord ends in a fixed
condition can not be ignored when a tubular joint
is subjected to fire because heat expansion can
causemuchbigger compression in the chordmem-
ber once its ends are restrained. Generally, the
magnitude of such reaction force for the rein-
forced models is almost the same as that of the
un-reinforced models when they are subjected to
small ratio loading. For brevity, the maximum
reaction force can be estimated from the chord

yielding load which can be calculated from the
product of the yield stress of the steel material
and the area of the chord cross section.
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ABSTRACT: The reverse channel connection appears to have the best combination of desirable feature under
fire loading: moderate construction cost, ability to develop catenary action and extremely high ductility through
deformation of the web channel (Ding & Wang 2007). This paper presents the results of the experimental
investigation on a reverse channel component carried out at the University of Coimbra into the European RFCS
COMPFIRE Project, which the main focus is to characterize the behaviour of steel joints between steel beams
to concrete filled tubular columns under natural fire loading. A series of tension and compression tests at
ambient and elevated temperatures were tested. The aim of those experimental tests was to identify the strength,
stiffness and ductility of this joint component, establishing a relationship between force, displacement and
temperature.

1 INTRODUCTION

1.1 State of the art

The composite columns are often assumed to possess
inherently high fire resistance and have been used to
achieve cost reduction of the steel constructionwithout
compromising safety.Although there have been exten-
sive research studies of the joint behaviour at ambient
temperature (Weynand et al. 1995, Simões da Silva
et al. 2002), as well as member and frame structural
behaviour under fire conditions (Wang 2005), there is
a paucity of research on joint behaviour in fire. Indeed,
past research studies have largely neglected how steel
and composite (steel-concrete) joints actually behave
in fire. Mainly, the ENV version of Eurocode 3 Part
1.2 (ENV 1993-1-2 1995) did not require evaluation
of steel joint behaviour under fire loading. The main
reason for that had been justified by the argument of
the increased massivity of joint region and thereby
slowing down temperature rises in the joint region in
fire compared with the connected beams and columns.
However, observations from real fires show that, on
some occasions, joints fail from their tensile compo-
nents (Bailey et al. 1999, Wald et al. 2006). Owing
to accumulative effects of a number of factors that
occur in fire conditions, including hogging bending
moments, tension field action in shear and high cool-
ing strain or pulling in effect at large deflection of the
connected beam, the tensile components of the joints
fracture (Santiago et al. 2008). The great danger of

joint fracture is the potential for progressive collapse
of the structure. Recently, in the experimental study
on structural fire behaviour of different types of steel
beam to concrete filled tubular column assemblies,
the reverse channel connection appears to have the
best combination of desirable feature: moderate con-
struction cost, ability to develop catenary action and
extremely high ductility through deformation of the
web channel (Ding &Wang 2007).

1.2 Objectives of the investigation

The study presented in this paper is part of the Euro-
pean project COMPFIRE (Simões da Silva et al.
2011), which the principal aim is to provide an
integrated approach for the practical application of
performance-based fire engineering design of com-
posite (steel-concrete) structures, including joint per-
formance under natural fire conditions. Within this
project, an experimental programme was performed
at the University of Coimbra to evaluate the behaviour
of the channel sections loaded transversely through
their web at ambient and elevated temperatures. The
experimental programme consisted of 13 tensile and
8 compressive tests where the aim was to evaluate
the overall behaviour of the component, establishing
a relationship between force, displacement and tem-
perature and to study the influence of the parameters
considered most relevant: dimensions of the loaded
area and its slenderness.
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Figure 1. Reverse channel joint (dimensions given in mm).

2 CASE OF STUDY

2.1 Typology of connection

The reverse channel connections are created through
a bolted endplate to web of a channel section and its
flanges are welded to the column face (Figure 1). The
columns are concrete filled tubes, being studied two
cross sections typologies: square (250mm side) and
circular (244.5mm diameter). The wall thickness is
10mm in both profiles. An IPE300 is used for the
beam. The structural steel profiles are grade S355;
the end plate is 25mm thick and grade S275 and the
bolts are M24 grade 10.9.

2.2 Analytical approach for component design

The joint between beam and channel was assumed
as an I-beam to RHS (Rectangular Hollow Section)
column bolted connection using a flush endplate,
which shows similar behaviour of theweak-axis joints.
Because of the lack of a central stiffening web, the
loaded chord of the column must support the tensile
and compressive forces arising from the beam flanges
in bending like a plate supported on its vertical sides
(Silva et al. 2003). The bending resistance and initial
stiffness of this joint typology is obtained at ambi-
ent temperature with the application of the CIDECT
Report 5BP-4/05 (Jaspart et al. 2005), which identifies
the following components: i) beam flange in compres-
sion; ii) bolts in tension; iii) end-plate in bending; iv)
beam web in tension; v) RHS in transverse tension:
chord face failure; vi) RHS in transverse compres-
sion: chord face failure; vii) RHS in transverse tension:
punching shear failure; and viii) RHS in transverse
compression: punching shear failure. The first four
components are enshrined into the Eurocode 3 Part
1.8 (EN-1993-1-8, 2005). The analytical approach for
chord face failure and punching shear of the RHS col-
umn is based on the yielding mechanism in a bolted
connection (Jaspart, 1997). The deformation of the
loaded face often governs the resistance of the connec-
tion. In this analytical approach two different mecha-
nisms can lead to the failure of the loaded face: local
and global failure mechanisms (Figure 2a and 2b).

Figure 2. Failure mechanism of the chord face.

Figure 3. Yield area.

The relevant resistance of the proposed component
(Fpl,Rd ) is the minimum of the two failure mechanism:

where Fpl,loc is the local failure load and Fpl.glob is the
global failure load.
The design of the proposed joint to be studied

(Figure 1) showed in general web failure by local
mechanism.The experimental programme focused the
evaluation of the tension and compression zones of
the reverse channel connection separately, considering
the local failure mechanism. The main relevant geo-
metric characteristics which influence the resistance
of the component are: i) width of the yield area L (Fig-
ure 3) of the loaded face; ii) width bi and height ci of
the loaded area to transmit the tension and compres-
sion loads. The mean diameter of the bolt head and
the distance between bolts define the rigid area bi × ci
at the tension zone; while when the compression zone
is considered, the dimensions bi and ci are obtained
with the assumption of the dispersion at 45◦ through
the end plate by compression forces arising from the
beam flanges (Figure 1).

3 EXPERIMENTAL PROGRAMME

3.1 Overview of the tests

The experimental programme consisted of 21
constant-temperature tests, distributed to encompass
different types of channel sections subjected to tensile
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Figure 4. Reverse channel sections.

and compressive load applied transversally at the web
channel.The tests were performed under constant tem-
peratures: ambient and elevated (550◦C and 750◦C).
Thedimensions of the sections “U”were definedbased
on the dimensions of the structural elements (beam
and column) of the joint defined in section 2.1 (Fig-
ure 1); moreover, a qualitative numerical analysis was
previously carried out to evaluate the parametric varia-
tions of the dimensions of the different types of reverse
channel sections, such as the length, the thicknesses
of the web and flanges, and the distance between the
bolts.The aim of this numerical studywas to guarantee
the experimental observation of: i) development of the
membrane stiffness effect; ii) deformations concen-
trated in the loaded web and iii) no bolt failure during
tests (Lopes et al. 2011). Three types of channel sec-
tions were tested: i) welded plates, ii) steel hollow
section cut lengthwise, and iii) hot rolled steel channel
section, as shown in Figure 4.
The welded plate section was considered to allow

a variation in thickness of the web with the same
width and thickness of the flanges. Channel sections
cut from square tubes have the same thickness in web
and flanges. The profile UPN 200 was chosen for
tests with hot rolled section because it is commonly
used in Portugal, allowing a comparison between the
behaviour of different types of channel section and a
commercially available channel section.
The welded plate sections and UPN 200 were made

in the steel grade 275 while the square hollow sections
for cutting lengthwisewereS355.The filletweld throat
thickness was 9mm in all welded sections.TheTable 1
presents the experimental programme and dimensions
of the channel sections. The first letter of identifi-
cation (ID column) denotes the type of the channel
sections: W for welded plates, T for cut tubes, and
R for hot rolled section UPN200. The second letter,
represents the applied load (T: tension and C: com-
pression), followed by the temperature during tests.
The last numbers indicate the web thickness.

3.2 Testing procedure and setup

The component tests were performed at the same reac-
tion structure under ambient and elevated temperatures
(Figure 5). The monotonic tensile or compressive
loads were applied to the web of the specimens by a
hydraulic actuator (maximum test load 1000 kN, max-
imum piston stroke±150mm). The tests were carried
out under displacement control up to collapse of the
specimens. In the elevated temperature tests, the spec-
imens were heated by an electric resistance furnace
until the required temperature ie reached; during this
heatingphase, thermal expansionof the specimenswas

Table 1. Experimental programme.

Test h bf tw tf
N. ID (mm) (mm) (mm) (mm)

1. W-T20-7 202 90 7 15
2. W-T20-10 202 90 10 15
3. W-T20-12 202 90 12 15
4. W-C20-7 202 90 7 15
5. W-C20-10 202 90 10 15
6. W-C20-12 202 90 12 15
7. W-T550-10 202 90 10 15
8. W-T550-12 202 90 12 15
9. W-C550-10 202 90 10 15
10. W-C550-12 202 90 12 15
11. W-T750-10 202 90 10 15
12. W-T750-12 202 90 12 15
13. W-C750-10 202 90 10 15
14. W-C750-12 202 90 12 15
15. T-T20-8 200 90 8 8
16. T-T20-10 200 90 10 10
17. T-T20-12 200 90 12 12
18. R-T20-8.5 200 90 8.5 11.5
19. R-T750-8.5 200 75 8.5 11.5
20. R-T750-8.5 200 75 8.5 11.5
21. R-C550-8.5 200 75 8.5 11.5

Figure 5. Schematic layout of the tests.

Figure 6. Example of prototypes to be tested.

allowed.After that, themonotonic loadingwas applied
at constant temperature.
Each tested prototype was defined of a channel

section welded by its flange to a steel plate with
400mm× 400mm× 30mm, steel grade S355, which
is bolted at the top of the support column (Figure 6).
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Figure 7. Measurement point: vertical displacements are
measured by transducers in P1 and P3, and by photogram-
metry in P2 (inside web of channel sections).

3.3 Instrumentation

The measurements taken from the tests should be used
to describe the deformation of the specimens and the
gradually increasing of applied load.Thus, themeasur-
ing instruments were placed on the test set-up to give
the relevant displacement of the web channel, the tem-
perature evolution during high temperature tests, and
the load applied through the actuator.The variousmea-
surements were recorded with intervals of 5 seconds
by an automatic, scanning data loggerTML-TDS-530,
with 30 channels. The displacements were measured
by means of different types of TML displacement
transducers. In some tests, vertical displacements of
several points distributed on the web channel were
measured with the aid of photogrammetry and image
processing techniques (Figure 7). A series of thermo-
couples monitored the temperature evolution in the
specimen at elevated temperature tests.

4 RESULTS OF THE TESTS

4.1 Overview of the results at ambient and elevated
temperatures

Table 2 compares the experimental results with
the plastic load Fpl,an, obtained from the analytical
approach mentioned in section 2.2, considering the
measured material and geometrical properties. More-
over, the reduction factors proposed by Eurocode 3
Part 1.2 (EN-1993-1-2, 2005) for the stress-strain
relationship for steel at elevated temperatures were
used at the elevated temperature calculations (550◦C
and 750◦C).
The initial stiffness of the tensile tests was obtained

from force-deformation curves with the vertical dis-
placement measured in the centre point of the web
channel by photogrametry (P2 in Figure 7). However,
because during the compressive tests, P2 was not visi-
ble, the initial stiffness was calculated considering the
displacement measured in the load device (P3). The
plastic load (Fpl) was found by a bilinear approxima-
tion of the force-deformation curve (Figure 8) based

Table 2. Results of the tests.

Test Fpl,an F1pl,test F1max,test K2e,test �3pl �3Fmax
N. (kN) (kN) (kN) (kN/mm) (mm) (mm

1. 111.5 79.2 270.1 175.6 0.5 25.6
2. 193.5 136.8 347.8 204.6 0.7 22.9
3. 270.3 236.8 502.9 276.8 0.9 27.2
4. 247.5 375.6 473.8 213.0 1.7 6.1
5. 361.6 449.7 545.9 243.0 1.9 6.1
6. 488.3 594.4 737.3 414.0 1.4 6.9
7. 117.9 64.4 155.6 19.4 3.3 43.8
8. 169.4 123.8 193.5 43.3 2.9 34.6
9. 232.8 270.0 279.1 40.1 6.7 9.9
10. 298.2 246.2 394.9 75.0 3.3 36.3
11. 31.4 21.9 40.2 9.7 2.3 42.7
12. 46.0 35.2 45.4 28.2 1.3 24.3
13. 66.0 66.9 88.8 39.8 1.7 21.5
14. 81.4 71.8 96.1 45.8 1.6 37.5
15. 159.4 122.1 279.1 181.4 0.7 30.3
16. 367.2 234.4 476.1 190.7 1.2 27.5
17. 578.8 303.2 589.1 288.7 1.1 29.5
18. 214.9 157.1 400.4 161.6 1,0 30.8
19. 137.2 113.6 134.7 32.8 3.5 12.6
20. 37.3 22.0 41.6 30.9 0.7 46.9
21. 261.9 257.2 258.5 39.4 6.5 17.0

1Fpl,test and Fmax,test : experimental plastic and maximum
loads.
2Ke,test : experimental initial stiffness.
3�pl and �Fmax: vertical displacement in the Fpl,test and
Fmax,test .

Figure 8. Force-deformation relationship.

on the slope of initial and post-limit stiffnesses (Ke,
Kp), as proposed by Jaspart (Jaspart 1991).
The maximum applied load (Fmax,test) achieved dur-

ing tests is in general higher than the analytical strength
(Fpl,an). It is noted that the analytical approach only
considers the elastic regime and the maximum forces
of the tests were measured until failure of the test
specimens. However, the experimental plastic loads
were lower than analytical strength in all tensile tests;
on the other hand, the compressive tests at ambient
temperature presented plastic load greater than ana-
lytical results, despite the geometric characteristics of
the loaded area in compression does not meet the limit
of validity of the analytical approach.
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Figure 9. Tensile tests at ambient temperature: welded
plates and hot rolled sections (displacement from P1,
Figure 7).

Figure 10. Tensile tests at ambient temperature: cut tube
lengthwise and hot rolled sections (displacement from P1,
Figure 7).

4.2 Force-displacement curves at ambient
temperature

The reverse channel sections presented similar
behaviour in the tensile tests at ambient tempera-
ture: the strength of the component increased with the
increase inweb thickness (Figures 9 and 10); neverthe-
less the hot rolled section UPN 200 showed strength
higher than tests 2 (W-T20-10) and 15 (T-T20-8),
even though the last one is grade S355. Both welded
and cut tube sections showed similar initial stiffness
increasing with the web thickness.
The thickest web thickness enhances the resis-

tance without compromising the deformability of the
sections. The welded sections presented the lowest
deformation up to failure.
The ductility was quite similar in all tensile tests;

the maximum vertical displacement after failure was
�max ≈ 60mm in almost all tests; the exception was
the test 15 (T-T20-8) which presented a maximum ver-
tical displacement of 72mm.The channel sections cut
from square tubes showed the initial and post-limit
stiffnesses and maximum applied load higher than
welded and hot rolled channel sections without com-
promising their ductility, which was in general bigger
than other sections.

Figure 11. Tensile and compressive tests at ambient
temperature: welded plate sections (displacement from P1
and P3, Figure 7).

Figure 12. Deformed shape of the prototypes after tensile
tests at ambient temperature.

Figure 13. Deformed shape of the prototypes after com-
pressive tests at ambient temperature.

Only the welded sections were tested in compres-
sionwith different web thicknesses, varying between 7
and 12 mm. Figure 11 shows the comparison between
the force-displacement response of the welded sec-
tions in tension and compression, respectively placed
in the right-hand (positive) and left-hand (negative)
sides of the graph.
The channel sections presented strength and initial

stiffness in compression much higher than in tension;
however, the maximum deformation of the prototypes
in tension was approximately 300% greater than in
compression.
Figures 12 and 13 present the deformed shape of

some prototypes after tests. The failure modes were
similar in each kind of tests: i) excessive yielding
around the bolt’ holes in tensile tests, but there was
no failure of the bolts; ii) pushing shear on the web
next to the flanges, coinciding with the end of the
compressive load device in compressive tests.

4.3 Force-displacement curves at elevated
temperatures

Figures 14 and 15 compare the tensile test results of the
welded sections (tw = 10mm) and the hot rolled sec-
tion UPN 200 in different test temperatures. It is noted
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Figure 14. Comparison between the tensile tests: welded
plate sections with 10mm web thickness.

Figure 15. Comparison between the tensile tests: hot rolled
sections with 8.5mm web thickness.

that: i) the degradation of thematerial properties at ele-
vated temperatures affected the strength capacity of the
sections substantially; the maximum applied load at
750◦C approximately corresponds to 10% of the max-
imum load at ambient temperature tests; ii) the reduc-
tion in the initial stiffness was about 85% at 550◦C and
90% at 750◦C of the initial stiffness at ambient tem-
perature; iii) the increase of temperature enhances the
deformability of the sections, however the hot rolled
section showed lowest maximum deformation after
failure at 550◦C, �max ≈ 40mm, while the maximum
displacement achieved by welded sections was bigger
than 60mm.
The results of the compressive tests of the welded

sections with web thickness of 10 and 12mm are
compared in Figures 16 and 17.
The resistance of the sections drastically reduced

with the increase of temperature, as previously
observed in tensile tests; the maximum applied load
at 750◦C corresponds to about 15% of the maximum
strength at ambient temperature. Moreover, a yielding
plateau was developed during tensile and compressive
tests at elevated temperatures which did not occur at
ambient temperature tests.
The failure modes of the tests at elevated tem-

peratures were similar to those observed at ambient
temperature tests. In the tensile tests excessive yield-
ing occurred around the holes of the bolts (Figure 18),

Figure 16. Comparison between the compressive tests:
welded plate sections with 10mm web thickness.

Figure 17. Comparison between the compressive tests:
welded plate sections with 12mm web thickness.

Figure 18. Deformed shape of the prototypes after tensile
tests at elevated temperatures.

Figure 19. Deformed shape of the prototypes after com-
pressive tests at elevated temperatures.

while in compressive tests the web of channel fracture
by pushing shear next to the flanges (Figure 19).

5 CONCLUSIONS

This paper presented the results of a series of tensile
and compressive tests on different types of reverse
channel sections.The tests were performed at constant
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ambient and high temperatures to evaluate the overall
behaviour of the component, establishing a relation-
ship between force, displacement and temperature and
to study the influence of the parameters considered
most relevant: dimensions of the loaded area and its
slenderness. The results of the tests showed that:

i) the maximum applied load in the compressive
tests was much higher than in tensile tests, how-
ever, the maximum deformation of the prototypes
in tension was approximately 300% greater than
in compression;

ii) the plastic load obtained from force-deformation
curves in the elastic limit was lower than the
analytical strength in all tensile tests, while the
compressive tests at ambient temperature showed
the experimental plastic load greater than the
analytical strength;

iii) the resistance and initial stiffness of the channel
sections reduced significantly with the increase
of temperature caused by the degradation in the
material properties;

iv) the failure of the channel sections in all ten-
sile tests was controlled by an excessive yielding
around the hole of the bolts; there was no failure
of the bolts during all tests;

v) the channel sections subjected to compression
load presented failure by pushing shear on the
web next to the flanges, coinciding with the end
of the load device;

vi) the channel sections cut from square tubes showed
the initial and post-limit stiffnesses andmaximum
applied load higher than welded and hot rolled
channel sections without compromising their
ductility, which was in general bigger than other
sections at ambient temperature;

vii) although the resistance capacity of the chan-
nel sections was significantly reduced with the
increase of temperature, they provided good duc-
tility at elevated temperature.

Finally, it should be pointed out that these exper-
imental results, as part of the framework of the
European RFCS COMPFIRE project, will be used
to calibrate and validate numerical and analytical
models for characterization of the component in fire
condition.
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Buckling analysis of steel trusses with thin-walled RHS members using
Generalised Beam Theory (GBT)
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Department of Civil Engineering and Architecture, ICIST, Instituto Superior Técnico, Rovisco Pais,
Lisboa, Portugal

ABSTRACT: This paper reports the results of an ongoing investigation on the use of Generalised BeamTheory
(GBT) to assess the local and global buckling behaviour of thin-walled trusseswith cold-formed steelRectangular
Hollow Section (RHS) members. After a brief overview of the main concepts and procedures involved in
performing a GBT buckling analysis, the formulation and implementation of a GBT-based beam finite element
are presented. Next, the constraint conditions adopted to simulate the local displacement compatibility at truss
pinned-joints connecting non-aligned RHS and plain channel members are addressed. In order to illustrate the
application, provide validation and show the capabilities of the proposed approach, numerical results concerning
the local and global buckling behaviour of trusses formed by a combination of RHS and plain channel members
with bolted joints are presented and discussed. These results are compared with values obtained from shell finite
element analyses carried out in the code Ansys.

1 INTRODUCTION

The extensive use of cold-formed steel Rectangular
Hollow Section (RHS) profiles in thin-walled steel
trusses has been growing steadily and at a fast rising
pace. However, since these trusses normally consist
of several slender structural members, joined together
through bolted connections, which are highly sus-
ceptible to local and global buckling phenomena,
the assessment of their structural response consti-
tutes a fairly complex task (e.g., Wilkinson 1999).
Indeed, in the context of numerical structural anal-
ysis, this task can only be rigorously carried out by
resorting to complex shell finite element analysis,
a computer-intensive approach that is both (i) very
time-consuming (including data input and result inter-
pretation) and (ii) prohibitive for routine applications
at present (e.g., Moazed et al. 2009).
In order to make the accurate analysis of cold-

formed steel trusses with RHS members computa-
tionally simpler and more accessible to designers, it
is necessary to develop easy-to-use numerical tools
based on beam finite element formulations that (i)
include local buckling effects and (ii) are able to han-
dle the wall bending compatibility at the truss joints
connecting non-aligned members. A very promising
approach is Generalised Beam Theory (GBT), a thin-
walled prismatic bar theory that incorporates genuine
plate theory concepts, i.e., accounts for the member
cross-section in-plane and out-of-plane deformations
(Camotim et al. 2010a,b). Moreover, its uniquemodal
nature makes it possible to obtain very elegant and

illuminating solutions for a wealth of structural prob-
lems. In particular, the authors have recently developed
and numerically implemented GBT-based beam finite
element models capable of analysing the local, dis-
tortional and global buckling behaviour of slender
steel trusses built from thin-walled members exhibit-
ing open cross-sections (Basaglia andCamotim 2011).
Moreover, it is worth noting that GBT has already
been successfully applied to assess the local and
global buckling behaviour of RHS isolated members
and simple frames with welded joints (Gonçalves
et al. 2009, Basaglia and Camotim 2010) – how-
ever, no structural system with pinned joints was ever
addressed.
The objective of this work is to report the current

state of an ongoing investigation aimed at extending
the scope of the above GBT-based approach, making it
possible to analyse also the local and global buckling
behaviour of cold-formed steel pinned-joint trusses
with RHS members. Particular attention is paid to the
determination of the finite element and overall (truss)
stiffness matrices, incorporating the influence of the
pinned joints. In addition, the constraint conditions
simulating the heel plates and bolts, which appear in
joints connecting plain channel andRHSmembers, are
addressed in detail. The numerical results presented
and discussed concern the local and global buckling
behaviour of simple plane trusses formed by a com-
bination of RHS (diagonals) and open cross-section
(channel chords) members connected by bolted joints.
For validation purposes, most GBT-based results are
compared with values yielded by rigorous shell finite
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Figure 1. Arbitrary thin-walled open cross-section, coordi-
nate axes and displacements.

element analyses performed in the code Ansys (SAS
2009).

2 GBT BUCKLINGANALYSIS FOR TRUSSES

In a GBT formulation, the cross-section displacement
field is expressed as a combination of deformation
modes, leading to a very convenient and most unique
form of writing the member equilibrium equations –
this is achieved by performing a cross-section analysis
(Gonçalves et al. 2010 and Silva et al. 2008), which
allows for a much more in-depth understanding of the
member structural behaviour.
Fig. 1 depicts a prismatic member with an arbitrary

cross-section, together with the corresponding global
(X , Y , Z) and local (x, s, z) coordinate systems – u, v,w
are the displacement components related to the latter.
In order to obtain a displacement field representation
that is compatible with the classical beam theories,
one must express the components u(x, s), v(x, s) and
w(x, s) as

where (i) subscript k follows the summation conven-
tion, (ii) a comma indicates a derivative, (iii) uk (s),
vk (s) and wk (s) are “cross-section deformation mode
components” and (iv) functions φk (x) provide the
longitudinal variation of the corresponding modal
amplitudes.
Fig. 2 provides the dimensions and shows the GBT

discretisations of the RHS and plain channel cross-
sections dealt within this work – all truss members
have elastic constants E=205 GPa (Young’s modulus)
and υ= 0.3 (Poisson’s ratio). For these discretisations,
the cross-section analyses lead to (i) 16 conventional (3
global, 1 distortional and 12 local) and (ii) 1 cell shear
flow (torsion), for RHS, and to (i) 12 conventional
(4 global and 8 local) modes, for the plain channel.
Note that the torsion mode is not “conventional” in
closed-cell cross-sections, since it does not comply
withVlasov’s assumption (u,s + v,x =0) –Bredt’smem-
brane shear strains are handled separately. Figs 3 and
4 depict the main features of the deformation modes
that are more relevant for the analyses carried out
throughout the paper.

Figure 2. Plain channel and RHS dimensions and GBT
discretisations.

Figure 3. Main features of the most relevant RHS deforma-
tion modes.

Figure 4. Main features of the most relevant plain channel
deformation modes.

After knowing the deformation modes, one readily
establishes the member buckling eigenvalue problem,
defined by the equilibrium equation system
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where (i) λ is the load parameter, (ii) Cik (warping
displacement), Dik (torsional rotations) and Bik (local
deformations – wall bending) are cross-section modal
mechanical properties and (iii) X σjik and X τjik stand
for geometric stiffness components associated with
normal stress resultants W 0

j and pre-buckling shear
stresses due to the non-uniform applied bending and
torsion moment diagrams – all are defined in Bebiano
et al. (2007).

2.1 GBT-based beam finite element formulation

In arbitrarily loaded isolated members, the solution of
(2) may be obtained by means of the beam finite ele-
ment formulation developed/implemented by Bebiano
et al. (2007): 2-node elements (i) with 2n degrees of
freedom (d.o.f.) per node (n is the number of deforma-
tion modes included in the analysis) and (ii) adopting
Hermite cubic polynomials ψi(x) to approximate the
mode amplitude functions φk (x) – one then has

where Qk1 =φk ,x(0), Qk2 =φk (0), Qk3 =φk ,x(Le),
Qk4 =φk ,(Le), ξ= x/Le (Le is the element length) and

The overall linear and geometric stiffness matrices of
a truss (structural system) are obtained by assembling
their finite element counterparts, a trivial procedure in
isolated members (all nodes are shared by two equally
oriented elements), but whose extension to trusses
(or frames) poses several difficulties. Because the
finite elements (members) connected at a truss joint
exhibit (i) different orientations and (ii) modal d.o.f.
referred to distinct coordinate systems (see Fig. 5(a)),
it becomes necessary to account for all the aspects
associatedwith ensuring the compatibility between the
connected end section d.o.f. (e.g., nodes ar+1 and br
in Fig. 5(b)). In order to perform this task, one must (i)
“transform” these modal d.o.f. into nodal ones (gen-
eralised displacements referred to axes X̃ − Ỹ − Z̃),
at the point where the joint is deemed materialised
(e.g., the connecting bolt in Fig. 5(c)).This is achieved
through a joint element concept (Basaglia et al. 2008)
and by imposing joint compatibility conditions, which
enforce compatibility on the transverse bending dis-
placements of the connected end section walls (see
fig. 5(c)).
To guarantee displacement compatibility at the

“joint element”, one uses the truss transformation
matrix [T ], which provides the relation between the

Figure 5. (a) joint element” concept, (b) longitudinal dis-
cretisation of the connected members and (c) truss joint
view.

GBT (member) and nodal (joint) degrees of freedom
and is defined by the expression

where (i) the components of sub-vectors {ξ̃G}, {ξ̃D}and
{ξ̃L} concern the global, distortional and local (nodal)
generalised displacements, (ii) sub-vectors {dG}, {dD}
and {dL} contain the GBT degrees of freedom, (iii) [R]
corresponds to a set of rotation matrices relating the
element/member end node and joint element coordi-
nate systems, (iv) [L] is a translation matrix referring
the connected element/member end section gener-
alised displacements to parallel reference axes passing
through of a point where the joint is deemed “mate-
rialised”, and (v) [I ] is the identity matrix associated
with the wall flexural and membrane transverse dis-
placements, due to the local and distortional modes –
its dimension never exceeds q = 2n + 1, where n
is the total number of local and distortional modes
included in the analysis (the matrix [R] and [L] com-
ponents are provided explicitly in the work of Basaglia
et al. 2008).
Using the transformation matrix given in (5) entails

the definition, at each joint member end section, of (i)
7 globalmode degrees of freedomand (ii)q−1degrees
of freedomassociatedwith the remainingmodes – they
must satisfy the conditions

where (i) subscripts b and a identify the end sections of
the connected members r and r+ 1 (see fig. 5(b)), (ii)
[J ] is a diagonal matrix whose components Jii relate
the generalised global displacements and rotations of
each end section and (iii) � are constraint conditions
ensuring compatibility between the transverse (flexu-
ral and/or membrane) displacements, associated with
the local and distortional deformation modes.
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The constraint conditions � (i) are dependent on
the member cross-section shape and joint configu-
ration, and (ii) involve i natural/intermediate nodes
belonging to the connected member end sections – the
corresponding conditions read

where the components of vector {�} are wall flexu-
ral functions wk (s). The specific constraint conditions
considered in this work are addressed in the next
section.
Once all themember support and joint compatibility

conditions are enforced, the truss linear ([K̃]) and geo-
metric ([G̃]) stiffness matrices are readily expressed
in terms of “mixed” (GBT modal and “conventional”
nodal) degrees of freedom. The joint compatibility is
incorporated into the stiffness matrix through

where (i) λ is the truss load parameter, (ii) the tilde
(∼) identifies the stiffness matrices already includ-
ing the joint compatibility conditions and (iii) the
compatibility matrix [�], given by

contains the joint modal displacement values (i.e.,
uk (s), vk (s) or wk (s)) – {̃d} is a “mixed” vector).
Once the truss total stiffness matrix ([K̃]+ λ[G̃]) is

known, one (i) solves the buckling eigenvalue prob-
lem and (ii) transforms the nodal d.o.f. back into
GBT ones, through the operation defined in (9). Then,
a fully modal representation of the truss buckling
modes is obtained, making it possible to identify and
quantify the individual member deformation mode
participations – this feature provides a decisive contri-
bution towards a more in-depth understanding of the
mechanics of truss buckling.
At this stage, it is worth noting that the well-known

Lagrange multiplier technique (e.g., Zienkiewicz and
Taylor 2000) provides an elegant and efficient alter-
native to incorporate the aforementioned constraint
conditions into the truss buckling analysis (Basaglia
and Camotim 2011) – one is then led to the eigenvalue
problem

where γ i is the Lagrange multiplier associated with
the constraint condition i.

2.2 Constraint conditions for bolted joints that
connects RHS and plain channel members

Consider the truss joint depicted in Fig. 6(a), connect-
ing an RHS member to a plain channel member by

Figure 6. (a) Truss bolted joint connecting RHS and plain
channel members and (b) nodes where the joint is deemed
materialised.

means of one bolt located at the flange points P and
P′ (see Fig. 6(b)). To ensure displacement compati-
bility in this joint configuration, (i) a “joint element”
is placed at the bolt mid-height and (ii) constraints
�P and �P′ are enforced – they concern the equality
between the transverse bending displacements at the
bolted region, involve the mid-surface points PA, PB,
P′
A, P

′
B and read

It is worth noting one limitation of this approach:
the developed constraint conditions do not take into
account the effects stemming from the surface contact
between the connected flanges.

3 ILLUSTRATIVE EXAMPLES

To illustrate the application and capabilities of the
proposed GBT-based beam finite element approach,
numerical results concerning the local and global
buckling behaviour of plane trusses with the geometry
and the dimensions depicted in Fig. 7 are presented

658



Figure 7. Plane truss geometry and loading (not on scale),
and three-dimensional view.

and discussed next. The trusses are (i) formed by
two plain channel chords and two RHS diagonals and
(ii) acted by two equal vertical loads P applied at
the upper chord-diagonal joints. In these joints, the
diagonals are connected to the chords through bolts,
located at their end section centroids, which are then
able to rotate freely about the common bolt axis –
see Fig. 6(a). The chords exhibit locally and globally
pinned end supports and the end section are free to
warp. While the truss chords have U-100×50×4.5
cross-sections, three distinct RHS diagonal dimen-
sions are considered: RHS-80×45×3.0 (truss A),
RHS-80×45×1.5 (truss B) and RHS-45×35×1.5
(truss C) – dimensions given in Fig. 2. These member
dimensions were selected to enable showing that the
GBT analysis is able to capture accurately both local
and global buckling phenomena. Except the diagonal
RHS-45×35×1.5, all the other members experience
in-plane minor-axis bending.
For validation purposes, most GBT-based results

are comparedwith values yielded byAnsys shell finite
element analyses. The truss members are discretised
into fine Shell181 element meshes (Ansys nomen-
clature) and the pinned bolted joints are modelled
by coupling the flange node translational degrees of
freedom that are associated with the bolt axis.
Fig. 8 shows the axial force andminor-axis bending

moment diagrams acting on the plane trusses for loads

Figure 8. Axial force and minor-axis bending moment
diagrams acting on the trusses.

equal to P= 1.0 kN. They were obtained by means of
GBT first-order analyses and are incorporated into
the equilibrium equation system (2), whose solution
provides the truss buckling behaviour. Note that the
maximum compressive axial force and minor-axis
bending moment occur in the diagonals and in the
lower chord, respectively.
Figs. 9 to 11 show two representations of the critical

buckling modes of trusses A (with diagonals RHS-
80×45×3.0), B (with diagonals RHS-80×45×1.5)
and C (with diagonals RHS-45×35×1.5), namely
(i) 3D views yielded by Ansys shell finite element
analysis and (ii) GBT-based modal amplitude func-
tions φ(x) concerning the member triggering the truss
critical instability (i.e., the “most buckled” ones). It is
worth mentioning that the GBT analyses (i) include 10
deformation modes (the in-plane shapes of 7 of them
are depicted in Figs. 3 and 4) and (ii) are based on truss
longitudinal discretisations into 88 finite elements (10
in the upper chord, 26 in the lower chord and 26 in each
diagonal), which amounts to a total of 1800 degrees
of freedom. On the other hand, theAnsys shell finite
element model involves more than 59000 degrees of
freedom.Although no special effort was made to min-
imise the Ansys d.o.f numbers, they are once more
orders of magnitude apart from those required to per-
form the similarly accurate GBT analyses – which,
in addition, provide very clear in-depth insight on
the truss buckling mechanics. The careful observa-
tion of the critical buckling loads and mode shapes
provided by the GBT and Ansys analyses, as well as
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Figure 9. Truss A: GBT and Ansys critical buckling mode representations.

Figure 10. Truss B: GBT and Ansys critical buckling mode representations.
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Figure 11. Truss C: GBT and Ansys critical buckling mode representations.

the comparison between them, prompts the following
remarks:

(i) First, there is an excellent agreement between the
three critical load value pairs. Indeed, one has
(i1) Pcr.GBT = 80.53 kN and Pcr.ANSYS = 77.70 kN
(3.6% difference), for truss A, (i2) Pcr.GBT =
158.36 kN and Pcr.ANSYS = 155.44 kN (1.9 % dif-
ference), for truss B, and (i3) Pcr.GBT = 115.32
kN and Pcr.ANSYS = 112.54 kN (2.5% difference),
for truss C.

(ii) There is also a rather close agreement between the
Ansys bucklingmode shapes and the GBTmodal
amplitude functions. Note, however, that the lat-
ter representations provide more in-depth insight
on the truss buckling mechanics – for instance,
the amount and nature of the local deformation
involved in the buckled joint region can be read-
ily assessed by just glancing at the GBT modal
amplitude functions.

(iii) While only symmetric local deformation modes
(5 and 7in the plain channel chairs and 6 in the
RHS diagonals) have visible contributions to the
buckling mode of trusses A and B, the buckling
mode of truss C involves both global (major-axis
flexure and torsion – 2 and 4) and anti-symmetric
local (6 and 7 in the plain channel chords andRHS
diagonals, respectively) deformation modes.

(iv) In trussA, which has RHS diagonals with thicker
walls, instability is triggered by the local buck-
ling of the lower chord span comprised between
the two diagonals, which is under high sag-
ging moments. Because only the flange tips are

under compression, buckling involves mainly the
flanges and barely occurs in the web. This fact
is clearly reflected by the various GBT modal
amplitude functions, as the contributions from
the symmetric modes 5 and 7 to the buckling
mode (iv1) oppose each other in the web and (iv1)
reinforce each other in the flanges – see Figs. 4
and 9.

(v) In truss B, which has RHS diagonals with thinner
walls, instability is triggered by the local buckling
(mode 6) of the two compressed diagonals, each
exhibiting 17 half-waves. Moreover, the chords
play virtually no role in the buckling mechanics –
indeed, their deformed buckled configurations
are restricted to the close vicinity of the joints.

(vi) The critical buckling of truss C occurs in a mode
that combines predominant contribution from
minor-axis bending (mode 3) in the diagonals and
frommajor-axis flexure and torsion (modes 2 and
4) in the chords.There are also small contributions
from the local modes in the vicinity of the joints.

4 CONCLUSION

This work reported the available results of an ongoing
investigation on the use GBT to assess the local and
global buckling behaviour of thin-walled steel pinned-
joint trusses with RHS members. After briefly outlin-
ing the key concepts and main procedures involved in
the performance of aGBT buckling analysis, the paper
(i) addressed the formulation and implementation of
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a GBT-based beam finite element intended for truss
buckling analysis and (ii) devoted particular attention
to establishing the constraint conditions that simu-
late the displacement compatibility at bolted joints
connecting plain channel and RHS members (those
were the only ones considered up to now). Finally, to
illustrate the application and capabilities of the pro-
posed GBT-based approach, numerical results were
presented and discussed in detail.They concerned sim-
ple plane trusses formed by two pairs of plain channel
chords and RHS diagonals with bolted joints, whose
dimensions were carefully selected to ensure insta-
bilities triggered by both member local and global
buckling. For validation purposes, the GBT-based crit-
ical buckling loads and mode shapes were compared
with values obtained from shell finite element analyses
carried out in Ansys – a virtually perfect agreement
was found in all cases.
Future developments of thiswork include extending

the proposedGBT-based approach, so that it is capable
of handling awider variety of trusses. In particular, it is
intended to cover (i) truss members having only tubu-
lar sections and (ii) other joint configurations, namely
those connecting more than two members, and (iii)
more complex trusses, such as plane trusses formed
by larger numbers of members or space trusses.
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Analytical modelling of mode jumping in the buckling of prestressed
stayed columns

M. Ahmer Wadee, T. A. Hunt & L. Gardner
Department of Civil & Environmental Engineering, Imperial College London, London, UK

ABSTRACT: Prestressed stayed columns, typically comprising tubular cross-sections, offer an innovative
solution where designs demand long and slender elements under compression. The cross-arms and pretensioned
cables provide additional and significant lateral support to the columns that results in a marked increase of the
buckling capacity. Recent finite element analysis has indicated that these structural components are likely to
exhibit interactive buckling phenomena, particularly if the critical buckling mode is antisymmetric, leading to
highly unstable responses. A simplified model, comprising discrete rigid-links and springs, is presented that is
designed to mimic the post-buckling response of a prestressed stayed column.The results from the present model
reveal similar behaviour to that observed in the earlier finite element study when certain combinations of spring
stiffnesses are used.A sequence of bifurcations are found that switch the post-buckling response from one mode
to another via a path of mixed modes and the effects of the sudden slackening of the cable stays is discussed.

1 INTRODUCTION

Prestressed stayed columns, as represented in Figure 1,
are structural components that comprise a main col-
umn element,which is usually of tubular cross-section,
a cross-arm system of elements and pre-tensioned
cable stays that provide significant extra compres-
sive strength without a commensurate increase in
self-weight (Belenya, 1977; Hafez et al., 1979; De
Araujo et al., 2008; Saito & Wadee, 2008). They

Figure 1. Prestressed stayed column.

are increasingly being used in the construction sec-
tor because of that advantage and because they have
an aesthetic quality that is architecturally attractive
(Figure 2). However, precisely because these com-
ponents are structurally efficient they have also been

Figure 2. Prestressed stayed tubular column in theChiswick
Park development in West London, UK.
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Figure 3. (a) Model with rigid links and springs; (b) con-
tinuous and discrete eigenmodes.

shown to be sensitive to initial imperfections in their
geometry (Saito & Wadee, 2009a). In particular, this
sensitivity has been demonstrated in a recent finite
element study, which used different initial imperfec-
tion profiles of equivalent magnitudes to determine
the weakest equilibrium response (Saito & Wadee,
2009b).However, by its very nature, the previous study
could not reveal the bifurcational structure of the equi-
librium response. The aim of the current work is to
present the results from a simplified model compris-
ing rigid links and springs, see Figure 3(a), which
mimics the response and reveals the governing physi-
cal parameters that drive the behaviour. It is found, as
in Saito & Wadee (2009b), that interactive buckling,
which is triggered at a secondary bifurcation, is not an
issue until the antisymmetric mode of buckling, see
Figure 3(b), becomes the eigenmode with the lowest
critical load when the strut is restrained at midspan by
a translational spring of sufficient stiffness.

2 MODEL DEVELOPMENT

The prestressed stayed column has distinctive fea-
tures. In its most common form it has a main column
element of length L, a single cross-arm of length a
and cable stays that link the top and the bottom of the
main column to the ends of the cross-arm, as shown
in Figure 1. The cable stays, when pre-tensioned,
provide the resisting horizontal components of force
that restrain the potential buckling displacement at
midspan. Since the cross-arm is rigidly connected to
the column, the local bending stiffness is increased
somewhat. These features of restraints and identifi-
able increases in stiffness lend themselves to a model
comprising rigid links and linear elastic springs for
the strut, as shown in Figure 3(a). The advantage of
this being that the total potential energy for the system
V can be written in an exact form and power series
approximations allow numerical solutions of the equi-
librium equations. These solutions can be obtained by

Auto (Doedel & Oldeman, 2009), a powerful numeri-
cal continuation packagewhich can compute locations
of bifurcation points and separate solution branches.
A three degree-of-freedom model is formulated com-
prising 4 rigid links each of length l, rotational springs
at pins B and D of stiffness c with a further rotational
spring at pin C of stiffness c0 alongside a translational
spring of stiffness k . The stiffnesses c0 and k originate
from the cross-arm and effects of the pre-tensioned
cable stays respectively. The external axial load is P
and the total potential energy is hence given by:

where E is the end-shortening and the angles θB, θC
and θD are the rotations of the pins at B, C and D
respectively:

The total potential energy can be nondimensionalized
by dividing through by c:

with normalized quantities: Ṽ =V/c, K = kl2/c,
R= c0/c, p=Pl/c and Ẽ = E/l. It can also be diag-
onalized and the linear eigenvalue problem can be
solved to obtain the following non-dimensional crit-
ical loads pCi for the case where i= 1, 2, 3 and R= 1
(assumed throughout the current work, i.e. the case
when all the rotational springs are of identical stiff-
nesses):

Note that the non-dimensional quantity X =√
8− 4K + K2. The linear eigenmodes are given in

Figure 4 and the variation of the critical loads with the
non-dimensional stiffness of the translational springK
is shown in Figure 5.
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Figure 4. Linear eigenmodes. The quantities of λ1 and λ3
depend on the magnitude of the translational spring stiffness

k . When k = 0, λ1 = − λ3 = √
2. As k → ∞, λ1 = λ3 → 0.

Figure 5. Distribution of critical loads with the
non-dimensional stiffness of the translational spring
K ; note that R= 1. When K > 2, Mode 2 has the lowest
critical load.

2.1 Inclusion of stay slackening

In a prestressed stayed column the stays are in tension
when the component is deployed. Under axial com-
pression, this prestress is relieved somewhat but in
most cases not totally. However, if buckling occurs,
the lateral displacements for whatever eigenmode, as
shown in Figure 4, can cause a rapid reduction of the
cable tension due to the geometric profile; the concave
sides of the buckling deformation being vulnerable to
this effect. Of course if the stay tension is relieved
altogether, its stiffness drops effectively to zero and
the load-carrying capacity of the entire component
would reduce substantially. It is therefore necessary
to include this geometric effect of potential stay slack-
ening within the current model. The numbering of the
stays being defined in Figure 6; Figure 7 shows the
geometry of the link model and how that relates to
the stay lengths for arbitrary values of the generalized
coordinates Qi.

Figure 6. Number definition of cable stays.

Figure 7. Asymmetric buckling mode used to define cable
stay lengths under loading.

Geometrically, the vertical component of the
lengths of the top two stays (1 and 4) is:

and the bottom two stays (2 and 3) is:

Incorporating the rotation of the cross-arm θc,
which is given by:
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and assuming that any bending in the cross-arm is neg-
ligible, gives the squares of the lengths of the stays
thus:

Cable slackening is defined to occur when:

where a is the cross-arm length, Es and As are the
Young’s modulus and the cross-sectional area of the
cable stays and T is the prestressing tensile force in
the stays prior to loading. The expression in equa-
tion (14) is given by using Pythagoras’s Theorem for
the cable stays once the link model exhibits buckling
displacements.

3 RESULTSAND DISCUSSION

The potential energy is expressed in the exact form and
the respective equilibrium equations are given by the
following relation:

where i= 1, 2, 3, which leads to three nonlinear alge-
braic equations that are solved numerically in Auto.

3.1 Perfect post-buckling response

For the unrestrained uniform strut case, where R= 1
and K = 0, there are three distinct critical loads pCi
and the post-buckling response is weakly stable for
the lowest (symmetric) mode, as would be expected
from knowledge of the elastica.When the translational
spring is introduced into the model, the critical loads
for Modes 1 and 3 increase with K , but the critical
load for Mode 2 remains constant owing to the pin at
C remaining static. Figure 8 shows a series of solu-
tions for the equilibrium equations where Mode 1 is
critical.The post-buckling path of the symmetricmode
becomes less stable and in fact the response becomes
subcritical when K ≈ 0.3. However, even when the
post-buckling becomes unstable, there is no nonlinear
interaction with higher modes, which implies that it is
only sensitive to imperfections that are affine to the
eigenmode of Mode 1. Note that, similar to the lin-
ear eigenvalue solution, the path for Mode 2 remains
invariant and stable.

Figure 8. Post-buckling paths for K = 0, 0.9 and 1.8 where
Mode 1 is critical. Note that the critical load associated with
the first encountered eigenmode increases but that its unstable
nature becomes more severe.

Figure 9. Post-buckling response p versus Q1 for the dis-
crete strut model when K = 2.01. Point S1 is the critical
bifurcation point, whereas points S2 and S3 are secondary
bifurcation points on the post-buckling paths of the anti-
symmetric and symmetric modes respectively. The path
connecting these two bifurcations contain equilibrium con-
figurations where the geometric symmetry of the strut model
is broken.

When K = 2 the critical loads for Modes 1 and 2
coincide, and for larger values of K Mode 2 becomes
critical. However, as seen in Figures 9 and 10 where
K = 2.01, the post-buckling path of the Mode 2 is
destabilized at a secondary bifurcation point S2 where
the response transfers to a path where the modes inter-
act, the antisymmetry is broken and eventually passes
back to the subcritical symmetric mode through a fur-
ther bifurcation point S3. This entire process has been
termedmode jumping in the literature (Hunt&Everall,
1999). Examining Figure 10, an elliptical interaction
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Figure 10. Post-buckling responseQ2 versusQ1 for the dis-
crete strut model when K = 2.01. The elliptical interaction
loop is shown clearly. Points S1, S2 and S3 are the same as in
Figure 9.

loop is observed between the modal amplitudes of Q1
andQ2 on which the secondary bifurcations are found.
This interaction loop defines combinations of the rel-
evant amplitudes where the symmetry of the linear
eigenmodes is broken at subsequent secondary insta-
bilities and a pathway is found where one eigenmode
can in fact be transformed into another.
Increasing K further causes the interaction loop

to increase in size, hence the secondary instabilities
become remote from the primary ones and interaction
is seen less readily. Once the amplitudes of Qi reach
nearer unity (its physical limit), the loop begins to dis-
tort significantly as seen in Figure 11, which shows the
solutions for two further examples of K being 2.1 and
2.6 respectively. Of course if the loop breaks, as seen
in Figure 11(b), once the mode jumps to the interac-
tive asymmetric mode, the structure would remain in
that configuration. This finding resonates with a pre-
vious finite element study by Saito &Wadee (2009b),
where post-buckling in Mode 2 was found to “pre-
fer” to deform in the asymmetric mode, rather than
the linear eigenmode. Recently conducted physical
experiments also concur with this finding (Osofero
et al., 2011) where columns designed to trigger Mode
2 showed interactive post-buckling behaviour,whereas
those designed to trigger Mode 1 showed deformation
in the linear eigenmode.

3.2 Effects of stay slackening

The effects of stay slackening require certain proper-
ties to be assumed. The length of the main column
element L is assumed to be 4m, hence l = 1m. The
cross-arm length a is assumed to be equal to l,
which would usually cause Mode 2 to be the low-
est eigenmode. The level of the prestressing force
T = 200 kN with the cable stay having As = 730mm2
and Es = 210 kN/mm2. It is also assumed that the con-
tribution to the stiffness of each stay is equal; hence
each stay going slack reduces the total stiffness of the

Figure 11. Interaction loops for higher K values. Note the
significant distortion in (b) due to Q1 and Q2 reaching their
physical limits.

combined initial stay stiffnesses, which contribute to
K , by 25%. Pure eigenmodes cause slacking in stay
pairs (an immediate 50% reduction of K), whereas
interactive buckling causes slackening in individual
stays (an immediate 25% reduction of K).
Figure 12 shows the post-buckling paths for Modes

1–3 for three cases where K < 2. Obviously, the case
whereK = 0 is unchanged, but the other cases show an
immediate loss in the load-carrying capacity after the
initial instability. However, as before, nomode interac-
tion is shown for these cases. Figures 13 and 14 show
the post-buckling paths for the case where K = 2.01
and show a far more severe response compared to Fig-
ures 9 and 10, with the secondary instabilities being
triggered at much smaller values of Q1. The response,
as before first triggers Mode 2 at point S1, then an
interactive mode at point S2 and finally triggering
Mode 1 at point S3. Figures 15 and 16 show results
for K = 4.10 and show a similar pattern to the case
for K = 2.01, although the interaction loop is severely
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Figure 12. Post-buckling paths for cases whereK < 2. Note
the sudden drop in the load-carrying capacity beyond the
lowest bifurcation point and the lack of subsequent mode
interaction.

Figure 13. Normalized load p versusQ1 forK = 2.01. Note
that the stay slackening causes the secondary instabilities to
be relatively closer to the primary one.

distorted. Finally, Figures 17 and 18 show results for
K = 4.82 and initially show a similar pattern to the
cases for K = 2.01 and K = 4.10, although the inter-
action loop is broken and the response remains in
the interactive mode. This finding is similar to that
shown in Figure 11(b) but at much smaller combina-
tions of the amplitudes of Q1 and Q2. This implies
that the effects of cable slackening, even though it has
been modelled with certain simplifying assumptions,
is shown to be significant and drives the response.This
has been shown in all the recent nonlinear modelling

Figure 14. Plot of Q2 versus Q1 for K = 2.01. Note that
the stay slackening causes the interaction loop to be slightly
distorted from the elliptical shape.

Figure 15. Normalized load p versusQ1 forK = 4.10. Note
that the stay slackening causes the interaction loop to be
severely distorted.

work on prestressed stayed tubular columns using the
finite element method (Saito & Wadee, 2009b) and
from recently conducted experiments (Osofero et al.,
2011).

4 CONCLUDING REMARKS

A simplified theoretical model, comprising rigid
links and springs formulated using potential energy
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Figure 16. Plot of Q2 versus Q1 for K = 4.10. Note that
the stay slackening causes the interaction loop to be severely
distorted.

Figure 17. Normalized load p versusQ1 forK = 4.82. Note
that the level of the stiffness and the stay slackening causes a
rapid reduction in the load-carrying capacity.

principles, has been presented to simulate the prac-
tically observed interactive buckling phenomena in
prestressed stayed columns. Moreover, the destabiliz-
ing effect of the slackening of cable stays has been
included from a geometric criterion. It is found that,
in exactly the same way as it has been observed
in practice, the link model only exhibits interactive

Figure 18. Plot of Q2 versus Q1 for K = 4.82. Note that
the level of the stiffness and the stay slackening causes the
interaction loop to be broken and the structure to remain in
the interactive mode.

buckling if the initial instability triggers the antisym-
metric eigenmode. Moreover, it is found that if cable
stay slackening is included then the secondary instabil-
ity leading to mode interaction occurs at significantly
smaller values of the generalized coordinates than if
slackening is neglected.
This type of model has the potential for being

extended to multi-bay prestressed stayed columns,
which have more than one cross-arm, an example of
which is shown in Figure 2. In those cases, as far as the
authors are aware, no relevant nonlinear studies exist
and so it is currently unclear which modes may inter-
act. Given that the current study has been shown to
replicate the behaviour for the single cross-arm case,
it is suggested that a similar result may be forthcoming
for more complex arrangements of this efficient load
carrying structural member.
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ABSTRACT: Many arches of the completed Concrete-Filled Steel Tubular (CFST) arch bridges have rise-to-
span ratios of 1/6 -1/5 and should be considered as shallow arches.When a CFST arch is subjected to a sustained
load, the visco-elastic effects of creep and shrinkage of the concrete core produce significant time-dependent
increases in the deformations and bending moments in the arch and subsequently lead to a time-dependent
change of the equilibrium configuration of the arch. Accordingly, the behaviour of the CFST arch becomes
more nonlinear as the time increases and the nonlinear bifurcation point and limit point of the time-dependent
equilibriumpath and the corresponding buckling loads of CFST arches also changewith time.When the changing
time-dependent bifurcation or limit point buckling load of a CFST arch becomes equal to the sustained load,
the arch may buckle in a bifurcation mode or in a limit point mode under the sustained load when the time is
sufficiently long. This paper investigates the long-term nonlinear bifurcation and limit point creep buckling of
pin-ended shallow circular CFST arches that are subjected to a sustained uniform radial load. The algebraically
tractable age-adjusted effective modulus method is used to model the time-dependent behaviour of the concrete
core, based on which solutions for the nonlinear prebuckling structural life time corresponding to nonlinear
bifurcation and limit point creeping buckling are derived.

1 INTRODUCTION

Under a sustained load, due to creep of the concrete
core of an arch with a concrete-filled steel tubular
(CFST) cross-section (Figure 1), the deformations of
the arch continue to increase with time (Bradford et al
2011, Pi et al. 2011). The long-term deformations of
a CFST member caused by creep and shrinkage of
the concrete core are frequently larger than the initial
deformations produced when the external load is first
applied. In practice, many CFST arch bridges have a
rise-to-span ratios in the range from 1/10 to 1/4 (Pi
et al. 2012), which indicates that these CFST arches
are shallowarches. It has been shown that the structural
behaviour of shallow arches under transverse load-
ing is quite non-linear and deformations and bending
moment are considerable, even when the loading is
not high (Pi et al. 2002). Hence, in the analysis of the
long term elastic in-plane behaviour and buckling of
a shallow CFST arch, recourses to non-linear analysis
and buckling theory are needed.
The visco-elastic effects of creep and shrinkage

of the concrete core lead to time-dependent changes
of non-linear equilibrium configurations of CFST
arches.As a result, both the bifurcation and limit points
of the time-dependent non-linear equilibrium paths
also changewith time due to creep and shrinkage of the
concrete core. Therefore, although the sustained load
is lower than the bifurcation and limit point buckling

Figure 1. Concrete-filled steel-tubular arch and uniform
loading.

loads of a CFST arch in the short-term, the CFST arch
may buckle in long-term when the value of its time-
dependent bifurcation or limit point buckling load is
equal to the sustained load as result of creep buckling.
Although there is no exactmodel available for concrete
shrinkage and creep (Bradford 2005, Bradford et al
2011, Gilbert 1988, Pi et al. 2011), the age-adjusted
effective modulus method has been shown (Bradford
2005, Bradford et al 2011, Gilbert 1988, Pi et al. 2011)
to be efficient and accurate in predicting the long-term
structural behaviour of concrete structures, and it is
convenient and effective in being incorporated into the
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structural analysis. This method uses algebraic formu-
lae to model the creep and shrinkage of concrete and
is recommended by ACI Committee-209 (1982) and
Australian design code for concrete structuresAS3800
(2001). The corresponding model is therefore used in
this investigation. Experimental investigations of the
shrinkage and creep strains of CFST columns have
been reported by some researchers (Han et al. 2004,
Uy 2001). Because the moisture in the core concrete
of CFST columns is prevented from dissipating by the
steel tube, the final shrinkage strain and creep coef-
ficient of the core concrete of CFST columns were
derived from experiments and were found to be lower
than those of plain concrete (Uy 2001). The derived
data will be used in this investigation.
The purpose of this paper is to investigate the

long-term non-linear elastic in-plane behaviour and
buckling of pin-ended shallow CFST circular arches
due to shrinkage and creep of the concrete core that are
subjected to a sustained radial uniformly distributed
load around the arch axis (Figure 1).

2 DIFFERENTIAL EQUATIONS OF
EQUILIBRIUM

The differential equations of equilibrium for the creep
analysis of shallow CFST arches under a sustained
radial uniform load q can be derived from the principle
of virtual work which can be stated as

where w̃=w/R, ṽ= v/R, w and v are the axial and
radial displacements respectively, R is the radius of the
arch, δ( ) denotes the Lagrange operator of simultane-
ous variations, andN andM are the axial compressive
force and bending moment respectively and they are
given by

and

inwhichAc andAs are the area of the concrete core and
steel tube; εsh = tε∗/(t + 35) is the shrinkage strain of
the concrete and is a function of time, ε∗ is the final
shrinkage strain.
Integrating Equation 1 by parts leads to the differ-

ential equations of equilibrium as

in the radial and axial directions, respectively, where
P is a dimensionless load defined by

and μe is a time-dependent dimensionless axial force
parameter defined by

in which Is andIc are the second moment of area of the
steel tube and concrete core, Es is theYoung’s modulus
for steel, and Eec is the age-adjusted effective modulus
of concrete given by

with Ec being the Young’s modulus of the concrete
core, φ(t, t0) being the creep coefficient, χ(t, t0) being
the aging coefficient, and they are given by

where φu is the final creep coefficient and given by
φu = 1.25t−0.1180 φ∞,7 with φ∞,7 being the creep coef-
ficient at time infinity when the first loading time is
t = 7 days after the concrete casting, and χ∗ is given
by

Solving Equation 4 and considering the static
boundary conditions ṽ′′ = 0 and the kinematic bound-
ary condition ṽ= 0 at θ= ±� leads to the solution

It can be seen from Equation 10 that the radial
displacement is a nonlinear function of the time-
dependent dimensionless axial force parameter μe.

3 CREEP EQUILIBRIUM EQUATIONS
BETWEEN INTERNAL FORCEAND
EXTERNAL LOAD

From the second equation ofEquation 4, the axial com-
pressive force N is a constant along the arch length.
The non-linear equation of equilibrium between the
dimensionless time-dependent axial force parameter
μe and the dimensionless load P can be obtained by
considering that the constant axial force N should be
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equal to the average value of N over the entire arch
calculated from Equation 2 as

Substituting Equation 10 into Equation11 and con-
sidering the boundary condition w̃= 0 at θ= ± �
leads to a nonlinear equation of equilibrium between
the internal force parameter μe and the dimensionless
load P as

where

and

From Equations 10 and 12, the radial displacement
and the axial compressive force of a CFST arch are
non-linear functions of the dimensionless load P. For
a given CFST arch under a given sustained load q at
a given time t, solving Equation 12 produces the long
term dimensionless axial force parameter μe and then
substituting the obtained μe into Equation 6 produces
the axial compressive force Nunder the sustained load
q at time t. Subsequently, substituting the obtained μe
and P into Equation 10 results in the corresponding
radial displacement ṽ at time t.
The typical long-term nonlinear responses of pin-

ended shallowCFST arches under a sustained uniform
radial load are compared with their linear counter-
parts (Pi et al. 2011) in Figure 2 as the variations
of the dimensionless central radial displacements
vc/vc,15 with time t, where vc,15is the central radial
displacement at time t = 15 days.
It can be seen from Figure 2 that as time t increases,

creep and shrinkage of the concrete core produce sig-
nificant increase of the radial displacements of CFST
arches under the sustained load. It can also be seen
that the increases of the creep radial displacements
of shallow CFST arches predicted by the nonlinear
analysis are much greater than those predicted by the
linear analysis. This indicates that the linear analy-
sis may underestimate the long-term increases of the
creep radial displacements of shallow CFST arches.

Figure 2. Nonlinear long-term radial displacements.

Figure 3. Nonlinear creep axial compressive force.

Variations of the dimensionless axial compressive
force N /N15 with time t for the same arches are com-
pared with their linear counterparts in Figure 3, where
N15 is the axial compressive force at time t = 15 days.
It can be seen that the nonlinear analysis predicts
that creep and shrinkage of the concrete core produce
increases of the long-term axial compressive forces
N of the CFST arch under a sustained load while the
linear analysis predicts very small decreases of the
long-term axial compressive forces N .

4 CREEP LIMIT POINT BUCKLING

The limit point buckling loads of a CFST arch at a
given time t can be derived by using calculus, from
which the load q can be expressed as an implicit func-
tion of the time-dependent axial force parameterμe as
F(q, μe)= 0, and so the nonlinear equation of equi-
librium between the internal force parameter μe and
the dimensionless load P at the limit points can be
obtained by setting
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which leads to the equilibrium equation at the limit
points as

where

and

The solutions for the limit point buckling loads and
the corresponding axial force parameters for a given
CFST arch at a specified time t can be obtained by
solving Equations 12 and 17 simultaneously. The cor-
responding radial displacement can be obtained by
substituting the obtained load and axial force into
Equations 10. The typical nonlinear behaviour of pin-
ended CFST arches is shown in Figure 4 as the
variations of the dimensionless central radial displace-
ment vc/f with the dimensionless radial load qR/Ncr ,
and in Figure 5 as the variations of the dimensionless
axial compressive force N /Ncr with the dimensionless
radial load qR/Ncr , where f is the rise of the arch and
the rise-to-span ratio is f /L= 1/24. In Figures 4 and 5,
the fine solid line denotes the short-term equilibrium
path up to a sustained load qsus = 0:374Ncr , while the
coarse solid line represents the long-term equilibrium
path under the sustained load. The “equilibrium path”
described by Equations 10 and 12 (the broken line) at
time t = 15, 30, and 100 days, and the corresponding
limit points obtained by Equations 10, 12 and 17 are
also shown in Figures 4 and 5 for reference.
It canbe seen fromFigures 4 and5 that at time t = 15

days, the relationship between the dimensionless dis-
placement vc/f and external load qR/Ncr and that
between the axial compressive force N /Ncr and exter-
nal load qR/Ncr are almost linear until the sustained
load qsusR/Ncr is reached. However, the sustained load
qsusR/Ncr is lower than the limit buckling load of the
arch and the arch is in a stable equilibrium state and
cannot buckle. As time increases, due to creep and
shrinkage of the concrete core, nonlinearities of the
relationships between vc/f and qsusR/Ncr and between
N /Ncr and qsusR/Ncr increase rapidly and the equilib-
rium configuration of the arch also changes. At time
t = 30 days, the limit point buckling load of the arch is
lower than that at time t = 15 days, but it is still higher
than the sustained load qsusR/Ncr . Hence, the arch is
still in a stable equilibrium state.
However, the limit point equilibrium configuration

is attained at the sustained load qsusR/Ncr at time
t = 100 days. In this case, the limit point buckling load
of the arch is equal to the sustained load qsus and the
arch may fail in a creep limit point buckling mode.
It is worth pointing out that in practice, the sustained
load remains constant after the creep limit point buck-
ling, the CFST arch cannot follow the equilibrium path

Figure 4. Central radial displacement for creep limit point
buckling.

Figure 5. Axial compressive force for limit point creep
buckling.

shown by the broken lines and the lower limit point
cannot be reached, but the equilibrium configuration
of the arch will suddenly jump from the limit point to
a remote equilibrium point as shown by the horizontal
dotted-dashed line in Figures 4 and 5. The horizontal
path, however, is not an equilibrium path. The move-
ment of the arch after buckling is associated with a
build up of kinetic energy, which leads to the familiar
sudden and noisy snap-through phenomenon.
The prebuckling structural life for the creep limit

point buckling of CFST arches can be determined by
usingEquations 12 and17.The typical variations of the
structural life t ofCFSTarches prior to their creep limit
point buckling with the dimensionless sustained load
qsusR/Ncr are shown in Figure 6. It can be seen that the
prebuckling structural life increases as the sustained
load decreases. For a sufficiently low sustained load,
the creep limit point buckling of the CFST arch cannot
develop, while for a high sustained load, the prebuck-
ling structural life of the CFST arch is quite short.
It can also be seen in the first 130 days of prebuck-
ling structural life, the decrease of the corresponding
sustained load is quite rapid, but becomes slow in the
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Figure 6. Prebuckling life time for creep limit point
buckling.

following days, and that under the same sustained load,
the prebuckling structural life of arches decreases with
a decrease of the area ratio of the steel tube to the con-
crete core.

5 CREEP BIFURCATION BUCKLING

In an addition to creep limit point buckling, the equi-
librium configuration of a CFST arch may attain a
bifurcation point in the long-term, and the arch may
bifurcate from a symmetric primary equilibrium state
to an antisymmetric equilibrium state, and buckle in a
creep bifurcation mode.A perturbation method can be
used to derive the differential equations for the creep
bifurcation buckling equilibrium of a shallow CFST
arch at a specified time as

The general solution of Equation 20 is

Because for antisymmetric buckling, ṽb is odd in θ
and so the even terms on the solution of Equation 16
vanish, it follows that

which indicates that the external load q during bifur-
cation buckling is constant.
Considering Equation 22 and substituting the anti-

symmetric solution given of Equation 21 into the
boundary conditions leads to two homogeneous alge-
braic equations for the coefficients C2 and C3 as

Figure 7. Central radial displacement for creep bifurcation
buckling.

from which, the condition for the existence of a
nontrivial solution ṽb requires that the equation

whose lowest solution is

Substituting this solution into Equation 12 leads to
the equation for the creep antisymmetric bifurcation
buckling load Pb as

The typical non-linear creep bifurcation buckling
behaviour for a pin-ended CFST arch (f /L= 1/20)
is shown as the variations of the dimensionless cen-
tral vertical displacement vc/f with the dimensionless
external load qR/Ncr in Figure 7, and as the variations
of the dimensionless axial compressive force N /Ncr
with the dimensionless external load qR/Ncr in Figure
8, where the fine solid line represents the short-term
equilibriumpath up to a sustained load qsusR/Ncr while
the coarse solid line denotes the long-term equilibrium
path of these CFST arches due to creep and shrink-
age of the concrete core. The value of the sustained
radial load isqsusR= 0.485Ncr .The “equilibriumpath”
given by Equations 10. and 12 (the broken line) at
time t = 15, 30, and 200 days, the corresponding limit
points obtained from Equations 10, 12 and 17, and the
bifurcation points given by Equations. 10 and 26 are
also shown in Figures 7 and 8 for reference.
It can be seen from Figures 7 and 8 that the relation-

ships of the dimensionless displacement vc/f and of the
dimensionless axial compressive force N /Ncr with the
dimensionless radial load qR/Ncr change with time.
The bifurcation buckling load of the arch decreases
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Figure 8. Axial compression force for creep bifurcation
buckling.

with an increase of time. At time t = 15 days, the
relationships up to the sustained load qsusR/Ncr are
almost linear and the sustained load is lower than
the bifurcation and limit point buckling loads and the
arches are in a stable equilibrium state. The relation-
ships become quite non-linear at time t = 30 days,
but the sustained load qsusR/Ncr is still lower than
the bifurcation and limit point buckling loads of the
arch. Hence, the arches are still in a stable equilibrium
state at time t =30 days. At time t = 200 days for the
pin-ended arch, the bifurcation buckling equilibrium
configuration of the arch is attained and the sustained
load is equal to the upper bifurcation buckling load
and the arch may fail in a creep bifurcation buckling
mode. Because the upper limit point buckling load is
higher than the upper bifurcation buckling load, the
creep limit point buckling will not occur. Similar to
the case of limit point buckling, because the sustained
load remains constant after bifurcation buckling, the
CFST arch cannot follow the secondary equilibrium
path shown by the fine dotted-dashed lines and the
lower bifurcation point cannot be reached, but the equi-
libriumof the archwill jump from the bifurcation point
to a remote stable equilibrium point as shown by the
coarse horizontal dotted-dashed line, which, however,
is not an equilibrium path. Again, the movement of
the arch after buckling is associated with a build up
of kinetic energy, which leads to a sudden and noisy
snap-through phenomenon.
The structural life of a CFST arch prior to creep

bifurcation buckling under a sustained load qcan be
determined from Equation 26. The typical variations
of the dimensionless sustained load qR/Ncr with the
structural life prior to creep bifurcation buckling are
shown in Figure 9, where the rise-to-span ratio of the
arch is f /L= 1/16. It can be seen that similar to the
case of creep limit point buckling, the structural life
prior to creep bifurcation buckling increases with a
decrease of the sustained load. In other words, the
creep bifurcation buckling load decreases as the time
increases.

Figure 9. Structural life time for creep bifurcation buckling.

This indicates that the creep of the concrete core sig-
nificantly reduces the bifurcation buckling resistance
of CFST arches. It can also be seen that in the first
100 days, the corresponding sustained load decreases
rapidly, but the decrease becomes slow in the follow-
ing days, and that the ratio of the steel tube area to the
core concrete area influences the creep buckling loads
significantly.

6 CONCLUSIONS

This paper has studied the long-term elastic in-plane
structural and buckling behaviour of pin-ended shal-
low CFST circular arches that are subjected to a
radial load uniformly distributed around the arch axis.
It has been found that creep and shrinkage of the
concrete core have significant effects on the non-
linear deformations and buckling behaviour of shallow
CFST arches. It has been demonstrated that the time-
dependent response of a shallowCFST arch is affected
by the geometric non-linearity of the arch under a sus-
tained load. The increases of the creep radial and axial
displacements of a shallow CFST arch predicted by
non-linear analysis have been found to bemuch greater
than those predicted by linear analysis, which indicates
that the linear analysis may underestimate the long-
term increases of the radial and axial displacements of
shallowCFSTarches.Because the visco-elastic effects
of creep and shrinkage of the concrete core produce
significant long-term increases of deformations and
bending moments and subsequently lead to a time
dependent change of the equilibrium configuration,
it was also found that a stable equilibrium state of a
shallowCFST arch under a sustained load that is lower
than the limit point and bifurcation buckling loads of
the shallow CFST arch in short-term may develop to a
critical equilibrium state at a bifurcation point or at a
limit point in the long-term, and the arch may buckle
in a bifurcation or limit point mode. The solutions for
the possible structural life time of a shallowCFST arch
prior to bifurcation or limit point buckling have been
derived, which are useful for assessing quantitatively
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the influence of various parameters on the long-term
non-linear responses and buckling of shallow CFST
arches.
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Design and construction of a space truss for a heavy maintenance hangar
in Barcelona Airport
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ABSTRACT: Space trusses made of bolted joints are being increasingly used in challenging projects due to
their optimized cost, assembling easiness and fast lifting. This structural solution is especially suitable to provide
relatively light structures when long spans and a high loading capacity are required. Moreover, space trusses
allow an accurate prediction of the deformed shape. The present paper describes the design and construction of
the main structure of a 13,146-square-meter heavy maintenance hangar with a clear span of 155 meters. This
structure was based on a continuous space truss using circular tubes. Due to the highly demanding technical
requirements of the facility, several design geometries were assessed and new bolted joints were developed.
The bolted joints were validated by means of experimental work. The assembly of the structure and the lifting
process, which was specifically designed for this project, are also presented in the paper.

1 PROJECT DESCRIPTION

1.1 Introduction

Asteca Estructuras is an engineering company with
more than 35 years experience in the design, devel-
opment and construction of steel structures. Asteca’s
activity during the last 20 years has been mainly based
on tubular space trusses. This structural solution is
suitable to create pillar-free spaces combined with rel-
atively high loads. Furthermore, modern space trusses
can be tailored to create any desired shape, since
they provide a three-dimensional continuous structure.
Consequently, space trusses give structural solution in
projects with diverse features; for instance, sports cen-
tres, industrial bays, railway stations and exhibition
centres [Martínez Calzón & Ladrón de Guevara 2003,
Del Campo et al. 2003].
Space trusses built byAsteca Estructuras are based

on a 3-dimensional bolted joint called Nuclos, which
is shown in Figure 1. The Nuclos system was devel-
oped byAsteca in the early 80s and consists of a solid
sphere with thread holes that allow connecting struc-
tural tubes in any spatial direction. This system was
designed in order to create an easy, fast and reliable
way of assembling structural tubes.
In the last years, tubular space trusses are being

increasingly used for airport facilities where special-
ized and versatile buildings are demanded. These
facilities include maintenance hangars [Kaya et al.
2003], heliports, airport terminals and fingers, which
usually need light structures capable to cover long
spans combined with a good aesthetic appearance.
These requirements make space trusses particularly
suitable for airport facilities.

Figure 1. Nuclos joint developed by Asteca Estructuras for
hollow tubes.

Among airport facilities, heavy maintenance
hangars must fulfil extremely demanding aeronau-
tic standards and provide enough versatility to allow
a maximum number of maintenance configurations
within a unique building. In fact, maintenance hangar
must be understood as an investment rather than as a
necessity, since a clever layout gives the chance to per-
form maintenance on a wide range of aircrafts. This
versatility lets owners hire out the facility and get an
important profit out of their investment.
Maintenance hangars are designed regarding the

potential use of the building during its life and the
different situations that could happen inside. In order
to obtain an appropriate layout, the main structure of
these buildingsmust provide big open spaces and allow
the hangars to be enlarged in the future if needed.These
requirements can be easily obtained with structures
based on bolted space trusses.
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Moreover, aircraft maintenance requires heavy
overhead cranes that usually hang from the roof struc-
ture. As a consequence, hangar’s structure is a key
element to obtain the desired features, and should be
able to provide free spaces together with an accurate
deformation.
Structures that cover long spansmust have high sec-

ondmoment of inertia due to the high bendingmoment
values they have to transmit. This condition can be
achieved increasing the overall height of the struc-
ture. Nevertheless, the height of the buildings within
airports is usually limited for flight safety and, as a
consequence, bendingmoments have to be transmitted
with a limited height of the structures. This issue can
only be fulfilled using tubes and joints able to support
extremely high loads; however, joints based on stan-
dard bolts do not provide enough strength to transmit
the loads involved in this type of structures. In order
to handle this problem, Asteca Estructuras developed
enhanced 3D bolted joints able to support loads values
higher than usual. This development involved testing
the whole joint in order to check the strength of the
new elements.
Additionally, the assembly and lifting process of this

type of structures is of paramount importance because
of its influence in the final cost of the project. Due
to their light weight, space trusses are also considered
fast and easy to erect. Besides, structural elements can
be manufactured in the workshop while other parts of
the structure are being assembled on site.
This paper presents the design of the main struc-

ture of a maintenance hangar in BarcelonaAirport for
Iberia, which required the development of extremely
high strength Nuclos joints. The experimental work
done during this development is presented here.More-
over, the assembly and lifting process of the structure
is described.

1.2 Heavy maintenance hangar in Barcelona
Airport

Iberia’s Maintenance Hangar in Barcelona is the
largest hangar built in Spain during the last 20 years.
This hangar was planned to perform heavy mainte-
nance and overhaul inspections on aircrafts, and its
design was thought to carry out operations on two
A340 or fourA320 aircrafts simultaneously.Moreover,
one A380 aircraft can be accommodated inside. The
surface of the building is 13,146 m2. Figure 2 presents
the described hangar and shows the inner side of the
building through the hangar’s main door.
The inner space of the hangar is completely free

of columns and the main door is 155 meters wide.
These features provide a great flexibility to sched-
ule maintenance operations. The required headroom
inside the hangar was 25 meters and the allowed max-
imum building height due to airport limits was 40
meters.Thus, the available space for themain structure
was 15 meter, which required an optimized struc-
ture. The main dimensions of the facility are shown
in Figure 3.

Figure 2. Heavy maintenance hangar in BarcelonaAirport.

Figure 3. Main drawing of the maintenance hangar.

Among the facilities of the hangar, the cover struc-
ture supports four over-head cranes of 40,000 kg, being
each over-head crane able to handle up to 20,000 kg.
Therefore, the space frame is loaded with 240,000 kg
hanging from the structure in different positions. The
mentioned features can be observed in Figure 4, where
the space truss can be seen under the roof.
The final design of the structure was carried out

by means of 2,400 load combinations that took into
account all the potential positions of the equipment
included in the building together with dead loads,
imposed loads –wind and snow- and temperature
effects.
These requirements were achieved using the space

truss as structural solution. This type of structure,
being a continuous element along the whole roof, is
able to present small and smooth deformations that
can be accurately predicted. Moreover, the space truss
avoids on site welding, except for the supports, and
warranties a high quality product manufactured at
the workshops. Besides, since the space truss is a
hyperstatic structure, it is possible to remove a sin-
gle element or a group of elements under controlled
load conditions without affecting the behaviour of
the entire structure. Comparing to other structures,
this feature allows several advantages when any local
change or replacement has to be done. In addition, it
provides a big flexibility when lifting and assembling
the structure, optimizing time and cost.
The structural design comprised a space truss cov-

ering the whole facility and two steel trusses made of
welded elements that support the space truss in both
ends. The cover structure included an arch on the top
of the main door. This arch, which remained within
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Table 1. Different size bolt properties.

Nominal
Outer Effective tension

Bolt diameter area strength
reference (mm) (mm2) (kN)

M68 68 2905 2615
M80 80 4021 3619
M90 90 5089 4580
M100 100 6283 5655

the height limits established by the airport authorities,
counteracted the lack of supports in the door side. The
shape of the described arch can be seen in Figure 2 and
is also represented in Figure 3.

2 DEVELOPMENT OF LARGE NUCLOS
JOINTS

2.1 Manufacturing process

Due to the design requirements involving this project
it was necessary to develop Nuclos joints able to trans-
mit higher loads. This development demands bolts
with ultimate load values higher than the strength
obtained in standard bolts. The commercial range of
structural bolts covers from 14mm to 68mm outer-
diameter bolts, and the strongest material grade used
for them is usually 10.9 – yield stress 900MPa. Thus,
the strongest commercial bolts available should be
designed for load values up to 2,615 kN, which is
not enough for this project. The challenge in this
project consisted in manufacturing extremely high
strength bolts and adapting the whole Nuclos system
to them. This procedure had to be done together with
the necessary experimentalwork that validates the new
elements.
Table 1 shows the main properties of the largest

commercial bolt, the M68, together with the desirable
properties for bolts with higher strength–M80, M90
and M100-. All bolts used in this work follow the ISO
metric screw threads standard, which is equivalent to
the BS 3643. The pitch related to each diameter has
been chosen by means of this standard [Pareto 1991].
Bolt’s strength in tension is obtained from the effective
area, which is also given in the ISO standard, andmate-
rial properties. Table 1 shows the outer diameter, the
effective area and the strength in tension of the bolt’s
used here. Note that the effective area to nominal area
is usually close to 0.8.
When developing stronger Nuclos, themain criteria

was to produce spheres and tube’s end plates clearly
stronger than bolts; hence, the strength of the whole
joint would be based on the strength of the bolts, which
is the best controlled element of the joint. It must
be clarified that, taking into account the whole space
truss, the structural tubes are always the weakest ele-
ment; that is, design is always performed based on the

yield stress of the tubes and theNuclos joint is selected
ensuring that its strength is higher than this value.
Hence, if the design load is exceeded, the tubes

undergo plastic range and the behaviour of the whole
structure is ductile.
Rather than using higher strength, it was decided

to achieve high loads by means of enlarging bolt’s
area. This decision was made in order to avoid brit-
tle behaviour that would decrease the ability of the
joint to deform before collapse. Since bolts are the key
element in the whole Nuclos connection, it is highly
compulsory to avoid materials with high mechanical
properties that do not offer enough ductility. Hence,
grade 12 materials or higher have been disregarded in
this work.Moreover, if bolts grade had been increased,
materials in all elements connected to them –nuts and
spheres- would have required stronger materials as
well.
Once itwas decided tomaintain grade10.9material,

different manufacturing processes were checked. Big
dimension standard bolts are produced by hot forg-
ing and threads are subsequently cut by machining.
Usually, bolt’s forging is performed at a high tempera-
ture in order to avoid residual stresses created by cold
form processes. However, when very thick elements
are used, the core of the member cannot be heated up
properly; thus, it is not possible to apply forging with-
out introducing any residual stress. As a consequence,
large bolts could not be produced avoiding residual
stresses completely, which led to brittle material when
the strength was increased. This problem was solved
by means of a subsequent heat treatment. Precisely,
since the aim of the process was to get high strength
bolts and ensure their ductility, tempering process was
applied.

2.2 Experimental work on Nuclos joint

The experimental work comprised 11 full-scale tests
over the new Nuclos joints developed by Asteca
Estructuras using high strength bolts. Two Nuclos
joints with 80 mm bolts, three Nuclos joints with 90
mm bolts and six Nuclos joints with 100 mm bolts
were tested.Table 2 presents all the samples and shows
the bolt and sphere sizes used in each test. Figure 5
presents the drawing of the M100-A sample.
The experimental work was carried out in a MTS

universal testing machine with a maximum load
of 15,000 kN in tension. All tests were conducted
under displacement control using a constant velocity
of 2mm/min. End connections were also especially
designed for these tests so that the Nuclos joints
worked in the same way as in the actual structure. Fig-
ure 6 shows the experimental set-up for the M80-A
sample.
The aim of the experimental program was to check

the strength of the newly developed joints; hence,
joints were tested in tension up to ultimate failure.
Applied load and displacement were recorded during
the tests and, once each test was finished, the load
at the end of the elastic behaviour and the maximum
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Figure 4. Inside view of the hangar at Barcelona Airport.

Figure 5. Drawing of the M100-A sample tested.

load of the sample were recorded. Finally, the type
of failure was also analyzed in order to ensure that
bolts remained as the weakest part of the joint, as it is
desired in the Nuclos system. Figures 7 and 8 present
theM80-A sample after being tested.The figures show
that failure was presented in the bolt that deformed
within the plastic range before breakage.
Table 2 shows the results obtained in tests. The fail-

ure mode observed in each test is also included in the
table.
As it was intended, failures were always developed

in bolts. Since the bolt is the weakest part of the joint,
its strength can be used as a reference load value for
design and it becomes straightforward to check that the
strength of the Nuclos joint is higher than that of the
structural tube. Hence, the global design of the space
truss lays on the mechanical properties of structural
tubes, which offer enough ductility.
Figure 9 shows load-displacement curve recorded

during the M100-A test. The behaviour showed by
all the tested samples was similar to that presented
in Figure 9. The load-displacement curves show an
initial elastic range followed by a horizontal plastic
range. This initial elastic range ensures that, within
these load values, all the elements remain in their elas-
tic behaviour. Furthermore, the plastic deformation

Figure 6. Experimental set-up for the M80-A Nuclos joint.

showed by the tested Nuclos joints is large enough
to accept their use in actual structures.
As a summary, it can be said that the new Nuclos

joints are able to bear higher loads than the previous
version based on commercial bolts. On average, the
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Figure 7. M80-A Nuclos after being tested.

M80 Nuclos can transmit up to 3,550 kN remaining in
the elastic range, which is the 135% of the maximum
load in aM68 bolt. Besides, theM90Nuclos can trans-
mit up to 4,500 kN and the M100 Nuclos can transmit
up to 5,233 kN remaining in the elastic range, being
the 172% and the 200%of themaximum load in aM68
bolt respectively. However, the yield stress obtained in
tests is lower than 900MPa, the expected yield stress
for 10.9 grade bolts. It can be concluded that, even
if the manufacturing process provided stronger bolts
than the commercial range, the obtained mechanical
properties are not as high as 10.9 grade.
Finally the actual design of the structure was done

using the following maximum load values; 3,100 kN
for the M80 Nuclos, 4,000 kN for the M90 Nuclos
and 5,000 kN for the M100 Nuclos. These values are

Figure 8. Bolt M80-A Nuclos after being tested.

Figure 9. Load-displacement curve of the M100-A test.

equivalent to using 750MPa as yield stress, which is
a save simplification of the strength observed in the
experimental work.

3 ASSEMBLYAND LIFTING OF THE
STRUCTURE

The designed space truss comprised 12,362 tubes and
3,062 spheres that had to be connected by means
of Nuclos joints. Additionally, a secondary structure,
used to support the external cladding, had to be assem-
bled. The structural tubes were up to 10 meters long
with an outer diameter between 50 and 273mm and
a weight up to 1500 kg. The diameters of the spheres
were ranged between 100 and 450mm with a weight
ranging between 4 and 375 kg each.
The assembly and lifting of the space truss was

planned to be performed in 6 months but finally it was
achieved in 5 months. The construction work was suc-
cessfully finished on time thanks to the ease offered
by bolted joints that require on-site welding only in
supports.
The weight of the whole structure – 1,000,000 kg–

laid on several steel columns, two arch shape steel
welded trusses and two concrete walls. The concrete
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Table 2. Experimental results of Nuclos joints.

Elastic
Bolt Sphere range Maximum
size diameter load load Failure

Sample (m) (mm) (kN) (kN) mode

M80-A 80 200 3500 4763 Breakage
in bolt’s
threads.

M80-B 80 200 3600 4787 Breakage
in bolt’s
threads.

M90-A 90 240 4500 6156 Breakage
in bolt’s
stud.

M90-B 90 240 4700 6264 Breakage
in bolt’s
stud.

M90-C 90 360 4300 5517 Breakage
in bolt’s
stud.

M100-A 100 300 4700 6145 Breakage
in bolt’s
stud.

M100-B 100 300 5400 6989 Breakage
in bolt’s
stud.

M100-C 100 300 5400 6906 Breakage
in bolt’s
stud.

M100-D 100 360 5000 6427 Breakage
in bolt’s
stud.

M100-E 100 360 5400 7341 Breakage
in bolt’s
stud.

M100-F 100 360 5500 7301 Breakage
in bolt’s
stud.

walls, located at both ends of the 155meters span door,
sized 9 meters long, 1.1 meters wide and 25 meters
high. The welded trusses were located by the concrete
walls and consisted in two 36meters long arches. Both
concrete walls and welded trusses were used to brace
the whole building. Due to the huge horizontal loads
transmitted to the concrete walls, special sliding sup-
ports were designed. Figure 10 shows these sliding
supports.
On ground assembly was initiated from the central

part of the front arch, adding previously assembled
pyramidal groups to reach the final height. Then, the
space truss under the future arch was assembled. Once
the central part of the arch was finished, the rest of the
arch was added by means of cranes (Figure 11).
Usually space trusses are lifted in several parts using

cranes; however, due to the complexity of this hangar,
it was decided to lift the whole space truss between
the concrete walls in one operation using hydraulic
jacks. Two hydraulic jacks able to move 200,000 kg
each were placed on top of the concrete walls, another
two jacks with the same capacity were located on the

Figure 10. Sliding supports used on the top of the support-
ing structure.

Figure 11. Central part of the arch assembled on ground.

Figure 12. Main hydraulic jacks used for the elevation.

welded trusses and twelve additional hydraulic jacks
of 100,000 kg eachwere used on the top of several steel
columns. Some of the jacks were used to lift the main
space truss to its final position, while the rest were
employed to keep the balance of the structure during
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Figure 13. General view of the structure during lifting.

the lifting process. Figure 12 shows two of the main
hydraulic jacks used for lifting the structure.
Themain structurewas lifted in two stages. First, the

space truss was lifted only 50 cm from the ground and
waskept in that position during24hours.Thismanoeu-
vre was performed in order to check the deformations
of the structure assuring that it was working correctly.
After measuring the deformed shape, the space truss
was steadily lifted to its final position in 8 hours. Fig-
ure 13 shows the supporting structure and the main
space truss during the elevation process.
Several check-stops were carried out during the ele-

vation. Once the main space truss was in its final posi-
tion, the supports were assembled and the hydraulic
jacks were removed. Then, the remaining parts of the
space truss were lifted by cranes and added to the main
part.

4 CONCLUSIONS

A heavy maintenance hangar was designed by Asteca
Estructuras using the space truss as structural solution.
The structure was designed with 155 meters span and
able to support four overhead cranes of 60,000 kg each.
This paper presents the main design features and the
assembly and lifting carried out in this project.

New Nuclos bolted joints were developed able to
transmit up to 5,233 kN. However, the experimental
results indicated that the manufacturing process can
be improved and the strength of this joint type could
be further increased.
Asteca Estructuras is currently working in the

improvement of the Nuclos system, which includes
increasing the strength further and enhancing the
dynamic behaviour of this bolted connection.
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ABSTRACT: The design of long-span post-tensioned tubular steel structures in which steel cables are housed
within the hollow profiles is outlined from fundamental principles. Treatment of the structural form as a planar
catenary is discussed and then extended to three dimensional shell structures.The effect of post-tensioning on the
behaviour of individual members is examined through numerical and analytical modelling. The influence of the
bonding material between the post-tensioned cable and tubular casing is discussed, since this is crucial to
the performance of these structures. The construction methodology is outlined and examples of implemented
structures spanning up to 120m are presented.

1 INTRODUCTION

The current drive towards sustainable development
now places a high level of importance on the reduction
of embodied energy within the construction industry.
The World Steel Association (WSA) has identified
that steel production accounts for 3–4% of theWorld’s
greenhouse gas emissions and that 1.8 tonnes of CO2
are emitted for every tonne of steel produced (WSA,
2011). Post-tensioned tubular steel structures, which
have the ability to store energy under increasing pre-
load can achieve reduced material consumption and
hence a greatly reduced carbon footprint. The devel-
opment of such structural solutions is outlined in the
current paper.
This paper builds upon the fundamental principles

of the equilibrium of arches and shows how these
principlesmay be applied to post-tensioned steel struc-
tures. Post-tensioningof cables and cable net structures
that are integrated into the structural form generates
a preload condition that controls deflection. Control-
ling deflection in this manner substantially reduces
the amount of material required in the construction
of long-spanning structures. Tubular elements are
fundamental to this form of construction since the
post-tensioning cables are housedwithin the structural
profiles.
The design solution of two dimensional post-

tensioned arches is firstly investigated, followed by
the application of post-tensioning technology to three
dimensional shell structures.

2 FUNDAMENTAL PRINCIPLES

One of the main factors that determines the maxi-
mum load carrying capacity of an arch is its shape
(O’Dwyer, 1999). Robert Hooke was the first philoso-
pher to identify that the most efficient shape of an
arch can be derived from the loads acting upon it. In
1675, he presented his solution to the Royal Society
in the form of an anagram, ‘As hangs a flexible line,
so inverted will stand the rigid arch’ (Huerta, 2006).
Antonio Gaudi, some 200 years later became perhaps
the best known exponent of this philosophy by creat-
ing hanging chains with lead shot masses contained in
bags to simulate theweight ofmasonry (Huerta, 2006).
The shape created by the chain could then be inverted
to generate the line of thrust along which compressive
forces are transmitted to the ground. Ingeniously, he
placed a mirror under the hanging chain model to con-
struct the arches of the Colonia Gueli Church (Huerta,
2006).
Various methods of obtaining the thrust line have

been proposed, but one of themost commonly adopted
methods is the graphical method of the funicular poly-
gon (Heyman, 1982). The solution is obtained by
constructing a force polygon of all the forces acting
on the structure. Figure 1(a) shows the structure under
consideration. Figure 1(b) shows the force polygon
diagram, with the position of the centre O representing
the unknown horizontal reaction. The lines radiat-
ing from this centre indicate the inclinations of the
weightless chain at various sections, as illustrated in
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Figure 1a. Vertical forces acting on flexible chain model.

Figure 1b. Funicular force polygon constructed by assum-
ing a value for the horizontal thrust H.

Figure 1c. Hanging chain model obtained using force
polygon model.

Figure 1d. Resultant thrust line when the chain model is
inverted.

Figure 1(c). Finally, using Hooke’s analogy, the hang-
ing chain is inverted to give the thrust line shown in
Figure 1(d). Since the horizontal reaction force can
take any value, an infinite number of thrust lines can be
generated for the applied loading (Heyman, 1982); the
larger the horizontal reaction, the shallower the arch.
Since an arch provides support to the applied loads

through compression, masonry and concrete were
the original materials of choice for the construction
of arches. However, owing to the relative ease and

Figure 2. Application of thrust line analysis to the design of
a portal frame.

reduced construction time associated with steel struc-
tures, growing interest is now placed on the use of steel
in the construction of arches (Nazir, 2003).
Thrust line analysis is a powerful tool that can be

used to design a wide range of long-spanning steel
structures. Figure 2 illustrates how thrust line analysis
may be applied to the design of a portal frame for an
aircraft hangar.
The distributed uplift wind load in Figure 2 is

applied to a weightless chain of a chosen length; using
the funicular polygon method discussed earlier, the
shape and tension within the chain is determined. The
length of the chain is typically chosen in order to
ensure that the bottom chord of the frame is always
under tension during wind uplift. Inverting the resul-
tant hanging chain gives the thrust line. It should be
noted that consideration of other load cases would
result in the formation of different thrust lines, from
which an average thrust line can be chosen for design.
If the structure were to be built along the thrust

line, it would not be subjected to bending and thus
a minimum amount of material would be required to
support the design loads.However, structures designed
in this way, while minimising the required material,
may not provide the desired space. Instead, structures,
such as the hangar in Figure 2, are built to satisfy the
spatial requirements by designing against the bending
moments that would arise due to the lever arm between
the structure and the thrust line.

3 POST-TENSIONING

Application of the post-tensioning technique to the
construction of trusses is described in this section.The
post-tensioned cables are located within the bottom
chord of the tubular trusses and apply a compres-
sive force to the chord members, which is opposite
in nature to the resultant forces arising from the exter-
nally applied gravity loads. The capacity of the truss is
maximized since the tensile strength of the lower chord
is only utilized after the compressive force induced by
the post-tensioned cables has been exceeded.

3.1 Construction methodology

As with all construction, it is imperative that the
load cases which arise during assembly are given
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Figure 3a. Step 1 – Construction of tubular truss
components.

Figure 3b. Step 2 – Post-tensioning of cables encased in the
bottom tubular steel chord, altering the shape of the centre
span.

Figure 3c. Step 3 – Connection and posttensioning of the
column structure to required level.

due consideration; this is especially important in this
type of structure since a significant amount of force
is applied to the elements through post-tensioning
of the cables. Furthermore, from practical experi-
ence, designing the buildability of a structure into
the architecture is vital for achieving a successful
outcome. With this in mind, the following procedure
has been carefully devised for the construction of
post-tensioned steel frames (Ellen, 1987).

1. Construct the tubular trussed main span and con-
necting columns at ground level.

2. Post-tension the cables encased within the bottom
chord of the centre span to obtain the required
shape.The segmental length of the lower chord (i.e.
the distance between the vertical/diagonal mem-
bers) determines the curvature of the upper and
lower chords; therefore the segmental length may
be varied at the design stage to obtain the desired
shape.

3. Assemble the remaining column structure to form
the complete frame, connecting the bottom chord
cables of the centre span to those of the column
structure and post-tensioning them further. The
void space between the cables and the tube is then
groutedwith cementitiousmaterial such asPortland
cement with chemical additives.

The ability to control deflections is at the heart of a
successful solution to long-spanning steel structures.
Figure 4 illustrates the pre-load condition generated
due to the introduction of post-tensioned cables in
the bottom chord. The resultant pre-load condition,
shown by the inward pointing arrows, provides resis-
tance against deflection aswell as wind uplift.An 84m
span example of such a structure is shown in Figure
5, while a smaller 25m span temporary structure is
shown in Figure 6.

Figure 4. Post-tensioning of cables contained within the
bottom chord result in pre-load condition to control
deflection.

Table 1. Properties of elements of the numerical model.

Property

Length Lo 1000mm
Cross-sectional area of cable Ac 120mm2

Cross-sectional area of tube At 750mm2

Young’s modulus of cable and tube E 210 000N/mm2

Yield strength of tube fty 250N/mm2

Yiled strength of cable fcy 2100N/mm2

Figure 5. Aircraft hangar, with an 84m clear span, con-
structed through the implementation of the post-tensioning
technique.

3.2 Behaviour of post-tensioned elements

A study has been conducted to investigate the
behaviour of individual post-tensioned tubular mem-
bers.The aimwas to establish the effect of the bonding
material and pre-load on the stiffness and axial load
carrying capacity. Figure 7 shows a numerical simula-
tion of a segment of a post-tensioned chord.The chord,
which is aGrade 250 circular hollow section, is bonded
to the post-tensioned cables using high strength grout.
The properties of the tube and cable are given in
Table 1.
Figure 8 shows the numerical results when tensile

strain is applied to a chord member with varying lev-
els of post-tension forces within the embedded cables.
As the graph demonstrates, the axial load carrying
capacity is substantially increased when post-tension
is applied to the cables. This can be attributed to the
fact that the compressive force imposed by the post-
tensioning of the cables must first be overcome before
the chord member begins to utilize its tensile strength.
Figure 8 shows that the magnitude of the post-

tension affects not only the ultimate axial load carrying
capacity but also initial axial stiffness prior to yielding.
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Figure 6. A temporary enclosure with a 25m clear span.

Figure 7. Post-tensioned tubular element.

Figure 8. Numerical results for axial load carrying capacity
of a post-tensioned chord member.

Figure 9. Dimensions of chord before post-tensioning.

Experimental studies are planned to investigate this
behaviour and to assess the influence of the grouting
material.
An analytical model was also devised to represent

the behaviour of post-tensioned elements by consid-
ering the different stages of the post-tensioning and
subsequent load application processes. The following
points describe how an expression for the relationship
between axial load and displacement is obtained for
the case where the tube yields first.
Post-tensioning:

Figure 10. Post-tensioned cable (b) Compressed tube. (c)
Dimensions of tube and cable after post-tensioning.

Figure 11. Tensile loading prior to initial precompression
in tube being overcome.

Stage 1: Initial position
Initially, the length of the tube Lt and the cable Lc

are equal, as illustrated on Figure 9, hence:

Stage 2: After post-tensioning
After post-tensioning, the cable is in tension

and tube is in compression, with the system self-
equilibrating under internal forces P.
From Figure 10(c), the lengths of the tube and

cable after post-tensioning are given by Eqs (2) and
(3) respectively, in which xt is the displacement of
the compressed tube and xc is the extension of the
tensioned cable.

Tensile load application:
Stage 1: Lt ≤ Lo
AsFigure 11 illustrates, in this region of axial strain,

the compressed tube unloads to its original length
whilst the cable is being stretched further.
Assuming that the tube is not compressed beyond its

yield load, the axial displacement x1 and axial forceN1
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Figure 12. Tensile loading after cable fully unloads initial
compression.

when the tube fully unloads (Lt = Lo) can be expressed
by Eqs (4) and (5) respectively.

Stage 2: Lo ≤ Lt ≤ Lty
For this range of axial displacements, shown in

Figure 12, both the cable and tube are in tension.
When the tube yields in tension the axial displace-

ment x2 and axial force N2 are given by Eqs (6) and
(7) respectively.

where Kt = AtE
Lo

Stage 3: Lty ≤ Lt ≤ Lcy
In this region of axial displacement the tube is strain

hardeningwhilst the cable utilises its elastic axial stiff-
ness to resist tensile loading. When the cable yields in
tension the axial displacement x3 and axial force N3
are given by Eqs (8) and (9) respectively.

where Kc,st is the strain hardening stiffness of cable.

Stage 4: Lt ≥ Lcy
Both the cable and the tube will be strain hard-

ening for axial displacements x in this range; the
corresponding axial force N4 is given by Eq (10).

where Kst is the strain hardening stiffness of cable and
tube.
The obtained analytical results, using the properties

ofTable 1, are compared in Figure 13 with the numeri-
cal results of Figure 8 showing a close match. It should

Figure 13. Comparison between analytical and numeri-
cal results for the axial response of a post-tensioned chord
member.

Figure 14. Analytical results showing influence of varying
ratio ofYoung’s modulus of the cable to that of the tube.

be noted that a drop in stiffness due to the yielding of
the tube is usually greater than the case when the cable
yields first since axial stiffness is directly proportional
to the cross-sectional area and the cross-sectional area
of the tube is typically larger than the cross-sectional
area of the cables.
To gain further insight into to the behaviour of post-

tensioned chord members, the parameters that define
the axial stiffness of the cable and the tubewere altered.
The material properties given in Table 1 and post-
tensioning values as shown in Figure 13 were used
as a control for this investigation. The results shown in
Figure 14 are for the case in which theYoung’s modu-
lus of the cable is halved from the value given in Table
1. In Figure 15, the cross-sectional areas of the tube
and the cable were chosen such that the ultimate yield
load, defined herein as the load at which both the tube
and the cable yield, is kept constant while the ratio of
cable to tube cross-sectional area is altered.
Figure 14 shows that when theYoung’s modulus of

the cable is reduced the tube yields at a lower load
and that the stiffness drop after the tube yields is more
significant.
Figure 15 shows that the tube yields at a lower

load and a higher displacement when the ratio of the
cross-sectional area of the tube and cable decreases;
both observations can be attributed to the fact that the
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Figure 15. Analytical results showing the influence of the
variation of the relative areas of tube and cable.

Figure 16. Component of the roof structure of the Sydney
Olympic Stadium.

overall cross-sectional area was reduced to ensure that
the ultimate yield load was kept constant. Figure 15
also shows a stiffer response of the structure after the
yielding of the cable which is due to the increase in the
cross-sectional area of cable.Note in Figure 15 that, for
the lower cross-sectional area of the tube (At = 3Ac)
the post-tension levels P5 and P6 were found to be
beyond the compressive yield load of the tube which
would introduce inelastic deformation; post-tension
levels P5 and P6are therefore excluded from the graph.

3.3 Reverse loading

For structureswhere the dominant loads are downward,
the chain model can again be inverted to find the opti-
mal curvature to resist vertical loading through tensile
action. Figure 16, which is part of the roof structure of
the Sydney Olympic Stadium, illustrates how the ver-
tical force may be transmitted to the supports through
tensile action. Application of post-tensioned cables
within the tubular bottom chord can again further
enhance the structural system.

3.4 Application to shells and other structures

Through the extension of the inverted chain philos-
ophy, solutions to three dimensional shell structures
can also be achieved. Figure 17 illustrates, just as in the
hanging chain, how a hanging net adopts a shape when
subjected to its self-weight and perhaps some wind
loading. Following Hooke’s principle, the net could
then be inverted to give the shape of the shellwhich can
efficiently support the applied load. However, unlike
the flexible chain, the hanging flexible net hasmultiple
thrust paths which enable it to carry a wider range of
load without changing its shape (Heyman, 1977).And
thus the inverted shape can support significant amount

Figure 17. Hanging net forms the thrust surface for a shell
when inverted, in similar manner to Hooke’s inverted chain.

Figure 18. Aircraft hangar with a shell type roofing con-
structed using intersecting tubular arches.

of loading without incurring significant bending in
any part.
The thrust line analysis of structures becomes com-

plicated when three dimensional forces are involved
such as in the case of shell structures (O’Dwyer,
1999). Several attempts have been made to deter-
mine the stability of masonry shells which require
the thrust surface to be contained within the thick-
ness of the shell since the material used in masonry
construction such as stones and concrete have negligi-
ble tensile strength. One of the simplest, but also safe,
approaches that can be used in the analysis of shell
structures is a slicing technique. The analysis checks
the overall stability of the masonry shell by dividing it
into discrete sections and checking their equilibrium
(Heyman, 1977).Amore complex analysis ofmasonry
shells which is attracting increasing interest is the
force network model. Just as in the funicular polygon
method for the analysis of arches, this model dis-
cretizes the loads. However, for shells an optimization
procedure is required to determine the thrust surface
and the collapse load factor. (O’Dwyer, 1999)
Reducing force equilibrium to a two dimensional

problem, as in the slicing technique described earlier,
the first author has designed and constructed several
shell structures. Figure 18 shows an aircraft facility
with shell type roofing that was constructed using
intersecting truss arches which were designed using
the post-tensioning technology described earlier.

3.5 Comparison with conventional methods

Owing to the relatively large structural members asso-
ciated with long-spanning steel structures, the ease
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Figure 19. Award winning post-tensioned aviation hangar
with a 78m clear span erected with minimal assembly time.

Figure 20. Erecting a shell structure made using
post-tensioned LSB members without cranes.

Figure 21. Illustrative comparison between conven-
tional construction methods and the new post-tensioning
technology.

of transportation of structural components during the
assembly of the structure is important. The post-
tensioning technique reduces the total weight of the
structure considerably, thereby minimising the time
and cost spent on erecting the structure using cranes.
Figure 19 shows a 78m span post-tensioned portal
frame being erected using just two cranes. The innova-
tive solution led to an award, from theAustralian Steel
Institute.
Post-tensioning has also been employed in conjunc-

tion with LiteSteel Beams (LSB), which are cold-
formed channel sections with tubular flanges, to form
shell structures (Keerthan andMahendran, 2010). The
post-tensioning cables are fitted inside the hollow

flanges of the LSB member. Steel sheeting or other
roofing fabrics can be installed at ground level. Shell
structures with areas up to 35m× 35m can be erected
using lifting tripods, as shown in Figure 20, in less than
2 hours, without the need for cranes.
The first author has constructed over 30 structures

with a wide range of configurations and spans using
the post-tensioning technology discussed. Figure 21
provides an approximate graphical comparison of the
weight of steel as a function of span of the structure for
construction using conventional methods and the new
design solution. Clearly there is significant potential
benefit to be gained through application of the post-
tensioning technology.

4 CONCLUSIONS

The addition of post-tensioned cables housed within
the tubular chords of steel trusses has been shown
herein to offer effective and efficient structural solu-
tions. Application of thrust line analysis to the design
of planar frames and three dimensional shell structures
is discussed. The funicular force polygon diagram
method was found to be a suitable means of obtaining
the thrust line of tubular trussed arches. By design-
ing shell structures with intersecting vaults, the three
dimensional problem can be simplified using the
slicing technique.
Post-tensioned cables induce compressive forces in

tubular chordmembers which are opposite in nature to
the forces caused by the imposed loading; the preload
must first be overcome before the tensile capacity of
the tubular chord members is utilised, enabling lighter
sections to be used. This behaviour was demonstrated
by means of numerical and analytical models.
A series of examples for a range of structures

from around the world have been presented to demon-
strate successful application of the post-tensioning
technology.
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Flange Beams

A. Ibrahim, A. Shaat, A. Matloub &A. Dessouki
Ain Shams University, Cairo, Egypt

ABSTRACT: In the past decade, the use of Hollow Flange Beams (HFB) has found many applications in the
building industry because of their advantages compared to the common C and Z cold-formed sections. Failure of
HFBs is governed mainly by Lateral Distortional Buckling (LDB) prior to achieving their full bending strength.
The current study aims at optimizing the cross sectional configurations of HFBs for performance improvement.
Therefore, a finite element model has been developed to investigate the effect of different geometrical config-
urations on the bending strength of HFBs. Values for the hollow flange aspect ratio ranging from 0.67 to 0.80
are recommended for better cross sectional utilization. Finally, a modification to the HFB slenderness equation,
presented in theAS/NZS-4600 (2005) standards, is proposed to accurately predict the bending strength of HFBs.

1 INTRODUCTION

Different types of hollow flange beams have been
developed over the past two decades. These types
include either triangular or rectangular hollow flanges,
as shown in Figure 1.
Both HFB sections are manufactured from a single

sheet strip using a combined process of cold-forming
anddual electrical resistancewelding.This unique pro-
file avoidsmany of the problems commonly associated
with other cold-formed sections such as flange local
buckling, while maintaining a high level of structural
efficiency.
For laterally unsupported HFBs, the weakness of

the slender web compared to the torsional rigidity of
the hollow flange promotes the failure by lateral dis-
tortional buckling prior to achieving the beam’s lateral
torsional buckling strength.
Triangular hollow flange beams were first intro-

duced during the 90s and researchers investigated their
behavior (PI & Trahair (1997)). Design rules have
also been developed to predict their bending capacity
(AS/NZS-4600 (2005)).
In the last decade the production of triangular hol-

low flange beams has stopped and the rectangular
hollow flange beams were introduced.
The rectangular HFB sections, as shown in Figure

2, are commonly produced inAustralia but are limited
to certain cross sectional configurations.Most of these
sections have depth of hollow flange, df , equal to one
third the width of the flange, b. In addition, the depth
between the two center lines of the hollow flanges, dc,
is equal to 0.375 of the total plate width forming the
HFB section, Lp.
Many researchers investigated the behavior of

rectangular HFBs either as axially loaded columns

Figure 1. Different types of HFB.

(Wilkinson et al. (2006)) or as flexuremembers (Avery
et al. (2000),Mahendran&Mahaarachchi (2005a,b)&
Poologanathan & Mahendran (2009)).
Although the geometric configuration ofHFB is the

main parameter affecting its capacity, no researches
have been done to optimize this configuration for best
performance against LDB.
This paper presents the results of a finite element

analysis carried out to explore the optimum cross sec-
tional configurations that maximize the HFB bending
strength. The paper also aims at examining the use of
available standards equations to predict the strength of
various cross sectional configurations of HFB.

2 FINITE ELEMENT MODELING OF HFB

Finite element analysis was performed using the com-
mercial package ABAQUS. A finite element model
(FEM) that takes into account geometric and material
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Figure 2. Geometric parameters of HFB.

Figure 3. Bi-linear stress-strain curve.

non linearities, geometric imperfections, and residual
stresses has been developed.
Two analyses were performed, namely, elastic buck-

ling analysis and non-linear analysis.
Nominal center line dimensions were used tomodel

theHFB sections.The corner radiuswas also neglected
in the model for simplicity. Winatama & Mahendran
(2008) reported that this simplification has an insignif-
icant effect on the results obtained from the finite
element model.

2.1 Elements and material properties

S4R5 shell element was selected for the FEM as it is
capable of providing sufficient degrees of freedom to
accurately model the buckling deformations. This ele-
ment is a thin, shear flexible, isoparametric quadrilat-
eral shell with four nodes, and five degrees of freedom
per node with reduced integration. An element size of
5mm× 10mmwas used to provide adequate accuracy
(Mahendran & Mahaarachchi (2005a,b)).
A plasticity model based on a simplified bilinear

stress-strain curve with strain hardening was assumed
for modeling steel material, as shown in Figure 3.

Figure 4. Geometric imperfection shape.

Figure 5. Idealized residual stress distribution for HFB
sections (Seo et al. (2008)).

The mechanical properties were assumed based
on the manufacturer’s specifications (yield stresses
of web ( fy)web = 380MPa, yield stress of flange
( fy)flange = 450MPa, Young’s Modulus for steel
(E)= 200000MPa, and a Poisson’s ratio (ν)= 0.25).

2.2 Initial geometric imperfections and residual
stresses

As shown in Figure 4, an initial geometric imperfec-
tion was modeled based on the buckling eigenvec-
tor obtained from the elastic buckling analysis. The
imperfection for lateral distortional buckling includes
lateral displacement, twist rotation, and cross section
distortion at mid-span.
The mid-span cross section was modeled with the

largest imperfection value of span/1000 being the
Australian standards maximum allowed fabrication
tolerance.
Both flexural and membrane residual stresses were

introduced according to the ideal distribution proposed
by Seo et al. (2008), as shown in Figure 5. The resid-
ual stress is expressed as a ratio of the virgin plate’s
yield stress (fy) value of 380 MPa. Figure 6 shows the
residual stress contours on the FEM.

2.3 Loading and boundary conditions

Figure 7 shows that four-point loading scheme is
adopted in this study to develop pure moment on the
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Figure 6. Residual stress contours for finite element
modelling.

Figure 7. Loading and boundary conditions.

central half of the span. In addition, the loads are
applied at the shear center to ensure that there is no
additional torsion on the beam.

2.4 Finite element model validation

The finite element model was validated using three
independent experimental studies (Mahendran &
Mahaarachchi (2006), Anapayan & Mahendran
(2009) &Winatama & Mahendran (2008)).
Table 1 shows the dimensions of eight specimens

as well as a comparison between their experimental
and predicted ultimate moments, MEXP and MFEM ,
respectively.
The variation between the FEM and experimental

ultimate moments lies within a range of ±10%, as
shown in Figure 8. Table 1 shows an average ratio
and its standard deviation value as 1.03 and 0.05,
respectively.

3 PARAMETRIC STUDY

The validated model was used to carry out an exten-
sive parametric study to evaluate the effect of different
cross sectional parameters on the flexural strength of

Figure 8. Comparison between experimental and FEM
results.

HFB. All specimens were chosen to have a constant
thickness of 2mm.
A total of 84 specimens were used in this research

to study the following parameters:

1. The ratio between the depth of the hollow flange
and its width [df /b= 0.2 to 1.0].

2. The ratio between the depth between the two cen-
terlines of the hollow flanges to the overall plate
width [dc/Lp = 0.3 to 0.5].

3. The overall width of the plate forming the beam
cross section [Lp = 360, 480, and 650mm].

4. The span of the beam [L= 4000, 6000, and
8000mm].

Two analysis methods were used with each FEM
specimen, namely, elastic buckling analysis and non-
linear analysis. The elastic buckling analysis is used to
determine the critical buckling moment, Mod , as well
as the buckling eigenvector for imperfections model-
ing, while the non linear analysis is used to determine
the ultimate moment, Mu.

4 RESULTS

Table 2 lists the values of both (Mu) and (Mod ) for all
specimens. The following sections discuss the effect
of each parameter of df /b, Lp, L, and dc/Lp on the
bending strength of the HFB.

4.1 Effect of flange aspect ratio, df /b, on the
strength of HFB sections

One of the main parameters in this study is the aspect
ratio of the flange.Values ranging from 0.2 to 1.0 were
given to the flange depth-to-width ratio, df /b.The low-
est value was taken equal to 0.2 to allow for rolling and
welding operations, while the highest value was taken
not exceeding 1.0 to simulate the practical cases.
Figures 9, 10, and 11 show curves illustrating the

relationship between the flange depth-to-width ratio,
df /b, versus the normalized ultimatemoment,Mu/My,
where My is the moment initiating yielding at the
extreme tension/compression fibers of the full section
(My = Sx xfy).
The results are plotted for specimens spanning 4000

mm and having web depth-to-plate width ratio, dc/Lp,
equal to 0.375 and 0.423.
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Table 1. Comparison between experimental results and FEA results.

Section Dimensions (mm)
L MFEM MEXP

ID Reference dc df b t (mm) (kN.m) (kN.m) MFEM /MEXP

1 Mahendran & Mahaarachchi (2006) 135 15 45 1.6 3000 6.82 6.72 1.01
2 135 15 45 2.0 3000 9.09 8.45 1.08
3 180 20 60 2.0 3500 13.30 12.41 1.07
4 180 20 60 2.5 4000 16.30 17.13 0.95

5 Anapayan & Mahendran (2009) 185 15 45 1.6 3000 9.46 9.24 1.02
6 280 20 60 2.0 4000 18.89 17.17 1.10
7 Winatama & Mahendran (2008) 230 20 60 2.0 3500 21.40 21.10 1.01
8 230 20 60 2.0 3500 35.30 35.50 0.99

Average 1.03
S.D. 0.05

Table 2. Results of finite element analyses.

Mu/Mod L(mm) 4000 6000 8000

(kN.m) dc/Lp
Lp(mm) df /b* 0.300 0.375 0.400 0.423 0.500 0.375 0.423 0.375 0.423

360 0.20 7.55/8.10 5.58/5.18 5.04/4.68 5.18/4.96 3.65/3.10 4.92/3.43 – – –
0.33 9.63/11.44 7.89/8.45 6.58/6.73 6.34/6.50 4.72/4.71 6.08/5.82 – – –
0.50 10.50/13.45 9.06/10.03 8.12/8.75 7.51/7.46 5.15/5.24 7.11/7.05 – – –
0.67 10.90/13.90 9.28/10.26 8.40/9.04 7.69/8.15 5.35/5.46 7.32/7.25 – – –
0.80 10.90/13.50 9.08/9.99 8.30/8.94 7.60/8.04 5.43/5.32 7.17/7.06 – – –
1.00 10.90/13.32 8.87/9.96 8.15/8.60 7.45/7.81 4.96/5.03 6.99/6.83 – – –

480 0.20 – 13.40/14.72 – 11.30/12.03 – 10.40/10.23 – 8.94/7.80 –
0.33 – 15.80/18.58 – 13.00/14.44 – 12.90/13.64 – 10.87/10.64 –
0.50 – 16.90/20.58 – 14.30/16.30 – 14.37/15.52 – 12.27/12.30 –
0.67 – 17.10/20.73 – 14.50/16.72 – 14.66/15.85 – 12.59/12.63 –
0.80 – 17.20/20.63 – 14.50/16.48 – 14.79/15.83 – 12.67/12.63 –
1.00 – 16.60/19.72 – 14.20/15.98 – 14.20/15.11 – 12.12/12.05 –

650 0.20 – 24.10/30.83 – 22.41/26.96 – – 19.18/20.84 – 16.40/16.63
0.33 – 26.38/34.61 – 23.71/29.06 – – 21.30/23.96 – 18.80/19.83
0.50 – 27.20/35.92 – 23.80/29.76 – – 22.10/25.52 – 20.17/21.68
0.67 – 27.50/36.60 – 23.74/29.80 – – 22.45/25.77 – 20.45/22.03
0.80 – 27.40/36.18 – 23.67/29.68 – – 22.56/25.85 – 20.69/22.23
1.00 – 26.60/34.91 – 22.89/29.23 – – 22.50/25.43 – 20.24/21.53

* df /b values are approximated. Actual values may be slightly different to avoid modeling fractions of millimeters.

Figure 9. Flange aspect ratio, df /b, versus normalized
ultimate moment, Mu/My , for models with Lp = 360mm.

Figures 9, 10 and 11 show that as the flange aspect
ratio,df /b, increasesMu/Myincreases until it reaches a
nearly constant region at df /bvalues ranging from0.67
to 0.8. The beams’ capacity starts to slightly decrease
afterwards.

4.2 Effect of web depth-to-plate width ratio, dc/Lp,
on the strength of HFB sections

Another main parameter is considered in this sudy
which is thewebdepth-to-platewidth ratio,dc/Lp.This
ratio is assumed to range from 0.3 to 0.5. The lowest
value of 0.3 was considered because values less than
0.3 will lead to a great loss in the major inertia about
x-x axis that will affect the serviceability of the beam.
The highest value of 0.5 was taken because any value
above 0.5 will lead to a more slender web.
Figure 12 shows the relationship between web

depth-to-plate width ratio, dc/Lp, versus the normal-
ized ultimate moment, Mu/My, for Lp equals 360mm
and L equals 4000 mm.
Figure 12 shows that the normalized ultimate

moment of beams decreases with the increase of the
beam dc/Lp ratio. This decrease is due to the decrease
in the lateral stiffness of the flanges. The figure shows
that the ultimate capacity of the beam deteriorates
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Figure 10. Flange aspect ratio, df /b, versus normalized
ultimate moment, Mu/My , for models with Lp = 480mm.

Figure 11. Flange aspect ratio, df /b, versus normalized
ultimate moment, Mu/My , for models with Lp = 650mm.

Figure 12. Web depth-to-plate width ratio, dc/Lp, versus
normalized ultimate moment,Mu/My .

down to less than 40% of its yielding moment at dc/Lp
equal to 0.50.

4.3 Effect of plate width, Lp, on the strength of HFB
sections

Table 2 indicates that increasing the plate width, Lp,
increases the beam ultimate moment, for all the spans
investigated in this study. However, figures 9 to 11
show that the increase in Mu/My of HFB gained by
increasing df /b decreases as Lp increases. For the
same dc/Lp (equal to 0.375), the percentage increases
in flexural capacity are 80%, 40%, and 25% for Lp
equal to 360, 480, and 650, respectively. This decrease
is mainly due to the reduction in the web stiffness

Figure 13. Flange aspect ratio, df /b, versus normalized
ultimate moment, Mu/My .

in supporting the lateral buckling of the flange by
increasing Lp.

4.4 Effect of beam span, L, on the strength of HFB
sections

To ensure that all HFBs follow the same behavior dis-
cussed in the previous sections despite having different
spans, L, the df /b were plotted versus the normalized
ultimate moment, Mu/My, as shown in Figure 13. For
three beams having dc/Lp equal to 0.423, Lp equal to
650mm, and having three different spans and the same
behavior can be recognized.

5 FAILURE MODES

There are three modes of failure for any HFB sec-
tion according to its slenderness, λd , (AS/NZS-4600
(2005)), These modes are clearly indicated by three
zones, as shown in Figure 14, and can be described as
follows:

• Yielding associated with local buckling for short
spans.

• Lateral distortional buckling for intermediate spans.
• Lateral torsional buckling for long spans.
Figure 14 indicates that the slenderness of HFB

(λd ) is a very important characteristic in predicting
their failure modes. The slenderness of HFB can be
calculated according to the current design rules of
AS/NZS-4600 (2005) as follows:

The Finite element results of all specimens inves-
tigated at this study are also plotted in figure 14. It
is clear that the specimens lie mostly in the interme-
diate region, where the lateral distortional buckling
is the predominant mode of failure. While few speci-
mens experienced lateral torsional buckling (λd>1.7),
no specimens succeeded to reach the yielding zone.
In the following sections, the effects of both df /b

and dc/Lp on the slenderness value are discussed.
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Figure 14. Comparison between FEM results &
AS/NZS4600.

Figure 15. Flange aspect ratio, df /b, versus the slenderness
of HFB, λd .

5.1 Effect of df /b on the slenderness of HFB

Six specimens were investigated having Lp equals 480
mm, dc/Lp equal to 0.375, L equal to 4000mm, and
df /b ranging from 0.2 to 1.0.
The slendernesses of these specimens were plotted

against the flange aspect ratio,df /b, as shown inFigure
15. It is clear that a value of 0.8 for the aspect ratio of
the flange is corresponding to the lowest slenderness
value.

5.2 Effect of dc/Lp on the slenderness of HFB

Three specimens were investigated having Lp equals
360mm, L equals 4000mm, df /b equal to 0.67, and
dc/Lp equal to 0.3, 0.4, and 0.5, respectively.
The slenderness values of these specimens were

plotted against the web depth-to-plate width ratio,
dc/Lp, as shown in Figure 16. It is clear that as the web
depth-to-plate width ratio increases the slenderness of
HFB increases.

6 REVIEW OFAS/NZS-4600 (2005) DESIGN
EQUATIONS

Most of the current standards set design equations
for the common C or Z cold formed sections. These
design equations account for beams failure due to
local buckling, distortional buckling, or lateral tor-
sional buckling. The Australian/New Zealand Stan-
dards (AS/NZS-4600 (2005)) was found to be the only

Figure 16. Web depth-to-platewidth ratio, dc/Lp, versus the
slenderness of HFB, λd .

Figure 17. Modification process for slenderness value.

standards that accounts for the failure mode of lateral
distortional buckling. These standards are used in this
study to calculate the critical moment of HFB as these
sections are susceptible mainly to lateral distortional
buckling.TheAS/NZS-4600 (2005) standards provide
the following equations to calculate the beams critical
moment, Mc:

6.1 Proposed modification for the calculation of
HFB slenderness values

Figure 14 shows that the current design rules applied
for HFB are conservative and need to be modified
to reflect the actual behavior of HFB with different
geometric parameters.
Two approaches may be followed to adjust the

observed conservation of the AS/NZS standards. The
first approach is to modify equations (2b) and (2c),
which is currently under investigation by the authors.
The second approach is to keep the standards equations
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Figure 18. Comparison between modified plot of FEM
results (using λmod ) and AS/NZS 4600(2005).

while utilizing modified slenderness values (λd ). The
second approach is adopted in this study as described
below.
For calculating the criticalmoment,Mc,(using equa-

tions 2) a modified slenderness, λmod , is used instead
of the slenderness, λd , this modification is proposed as
a function of the geometric configuration of the HFB.
The modified slenderness is calculated using Equa-

tions 2b and 2c by replacing Mc with MFEM .
Figure 17 shows a schematic representation for the

process adopted tomodify the slenderness values to be
applied for HFB sections according to the (AS/NZS-
4600 (2005)) equations.
This modified slenderness, λmod , takes into account

the geometric parameters presented in this study
(dc/Lp& df /b). A non-linear regression analy-
sis between λmod and three independent variables
(dc/Lp, df /b, and λd ) was carried out to introduce a
formula for calculating, λmod , as follows:

The slenderness, λmod, is calculated using equation
(1) andModcan be calculated using finite strip method
or simplified equation suggested by PI & Trahair
(1997).
The relation between the modified slenderness,

λmod , and the variables dc/Lp, df /b, and λd has a
coefficient of multiple determination (R2) equal to
0.96 and a standard error of 0.064. These values prove
the high reliability of the newly introduced equation
for slenderness, λmod .
Figure 18 shows that using themodified slenderness

in the current design rules (AS/NZS 4600 (2005)) can
accurately predict the bending capacity of HFB with
different geometric configurations.

7 CONCLUSIONS

This paper presents a detailed investigation to study
the best geometric configurations for the HFBs. The
flange aspect ratio is found to be the most impor-
tant parameter affecting the behavior of HFB sections.

The lowest slenderness associated with the highest
bending strength of the HFBs was achieved when the
hollow flange aspect ratio equals to 0.8. For flange
aspect ratio with values higher than 0.8, it was found
that the lateral moment of inertia of the compression
flange decreases and no further increase in the bend-
ing strength is recognized. It was, however, found that
values for the flange aspect ratio ranging from 0.67
to 0.80 achieve reasonably high bending strength and
thus recommended. Another parameter affecting the
behavior of HFB sections is the web depth-to-plate
width ratio. It is found that the lower the dc/Lp ratio the
higher the beam bending strength.The lowest practical
web depth-to-plate width ratio that does not violate the
deflection requirements is found to be 0.30.
Finally, slenderness modification that takes into

account various cross sectional parameters is proposed
based on the results of the FEM.This slendernessmod-
ification can accurately predict the bending strength of
HFBs.
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First order elastoplastic GBT analysis of tubular beams

M. Abambres, D. Camotim & N. Silvestre
Department of Civil Engineering and Architecture, ICIST, Instituto Superior Técnico,
Technical University of Lisbon, Lisbon, Portugal

ABSTRACT: This paper aims to present an original formulation of Generalised BeamTheory (GBT) intended
to perform first order elastoplastic analysis of thin-walled members, made of isotropic non-linear material and
subjected to arbitrary deformation. The J2-flow theory is used to model plasticity in conjunction with the Euler-
Backward return-mapping algorithm. After presenting the formulation, its application is illustrated by means of
the first order analysis of beams with (i) Rectangular Hollow Section (RHS) and (ii) LiteSteel section, made of
an elastic-perfectly plastic material and subjected to distributed and point loading, respectively.The GBT results,
which include equilibrium paths, displacement profiles, stress diagrams, 3D stress/displacement contours and
deformed shapes, are compared with the ones obtained by ABAQUS code using a shell finite element model.
GBT and ABAQUS results display a very good agreement.

1 INTRODUCTION

Materials with non-linear behaviour (e.g. metals) are
widely used in construction industries, like civil,
mechanical and aeronautical engineering. This use
is due to the fact that these materials are able to
simultaneously assure outstanding properties such as
strength, stiffness, ductility and tenacity. These high
performance properties often lead to the design of
structural elements displaying thin walls and rather
slender cross-sections and exhibiting high suscep-
tibility to local deformations. One very interesting
thin-walled steel member is the LiteSteel beam (LSB),
which has a channel section combining two hollow
flanges and a slender web. This shape has proven to
be very competitive in comparison with hot rolled
profiles.
The numerical determination of accurate collapse

loads of structural members has been only possi-
ble by means of shell finite element (FE) analyses
using non-linear constitutive laws and incremental-
iterative techniques. Since this task requires time-
consuming procedures, a very promising alternative
to this approach is the use of one-dimensional models
(beamFE) based onGeneralised BeamTheory (GBT).
Currently, GBT is widely recognized by the scientific
community as a powerful, versatile, elegant and effi-
cient thin-walled beam theory. It is valid for prismatic
bars only and its elegance arises from the fact that the
displacements field is obtained as a linear combina-
tion of cross-section deformation modes, which can
be carefully determined and whose amplitudes along
the longitudinal axis are the problem unknowns. Until
the end of last century, GBTwas developed to perform
first order and linear stability analysis. Since 2002,

GBT has attracted the interest of several researchers,
which led to the development of new formulations
and applications. In this regard, Camotim et al. (2010)
successively developed, validated and illustrated the
application of GBT to (i) stability and vibration anal-
yses of orthotropic members, and (ii) post-buckling
analyses of isotropic members. The theory has been
extensively upgraded at the Technical University of
Lisbon (Camotim et al. 2010) and has been applied to
distinct materials (steel, steel-concrete, FRP). In these
contributions, the material was always assumed elas-
tic, with no degradation (plasticity) involved. The first
physically non-linear GBT formulation was presented
by Gonçalves and Camotim (2004), in the context of
elastoplastic bifurcation analysis. Recently,Gonçalves
and Camotim (2011a, b) proposed a finite element
based on the J2-flow plasticity theory in the context of
GBT.

Abambres et al. (2011a) developed a GBT first
order formulation for the elastic-plastic analysis of
members undergoing only global (axial, bending, tor-
sion) deformation. In order to overcome this limitation,
the formulation presented in this paper (i) is valid
for a non-linear isotropic material subjected to arbi-
trary (local and/or global) deformation, and (ii) is
based on the J2-flow plasticity theory. Although this
plasticity theory was already considered in the afore-
mentioned work of Gonçalves and Camotim (2011a,
b), the GBT formulation presented herein is based on
different types of deformation modes (see section 2).
In order to illustrate the application of this formulation,
analyses of RHS and LSB fixed-pinned beams made
of elastic-perfectly plastic material were performed.
In section 3, GBT equilibrium paths and several dis-
placement/stress results are compared with the ones
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Figure 1. Local coordinates at each section wall.

yielded by ABAQUS software (Simulia 2004) using a
shell FE model.

2 BRIEF OVERVIEW OF GBT FORMULATION

Due to space limitations, the GBT formulation is
briefly presented in this section. The interested reader
is referred to detailed information in Abambres et al.
(2011a, b). A GBT analysis of a structural element
consists of two main stages: (i) a cross-section anal-
ysis followed by (ii) a member analysis. One of the
features that better characterize this theory is its modal
nature, since the displacement field is obtained as a lin-
ear combination of cross-section deformation modes.
Thesemodes approximate the displacements along the
cross-section mid-line (s coordinate). Fig. 1 illustrates
the local coordinates and displacements used in GBT.
The cross section analysis considered in this work is
based on the approach developed by Silva et al. (2008),
which consists of (i) 4 deformation mode families
obtained via different eigenvalue problems and (ii) 4
dof per cross-section node (three displacements and
one transverse flexural rotation).Although thesemode
families are considered in the present formulation, the
initial (elementar) deformation modes are based on
a set of 5 degrees-of-freedom (dof) per cross-section
node1 . Besides the usual 4 dof per node, the present
formulation also includes a rotation corresponding to
a vector contained in the cross-section plane, which
is an original contribution of the present work. This
new dof, called warping rotation, is used in each node
and wall direction, making it possible to approach the
warping profile u(s) by means of piecewise Hermite
cubic polynomials, instead of usual piecewise linear
functions (Abambres et al. 2011a).
The GBT equilibrium equation states that

It is well known that the achievement of a non-linear
equilibrium path requires the use of an incremental-
iterative strategy. Consider a generic bar FE and
its incremental relation of an arbitrary point of the
equilibrium path

where f int is the internal force vector, λ is the load
parameter and Ktan is the tangent stiffness matrix at

1 Every node defined in the cross-section (natural or inter-
mediate) will be designated in this paper as “section node”.

the equilibrium point. Due to use of a non-linear con-
stitutive law σ (ε), the stress-displacements relations
σ (d) are non-linear. Thus, the relation expressed by
(2) can be determined based on the “linearization” of
relations σ(d), such that

where σmn is a generic 2nd Piolla-Kirchhoff stress
component. Since (i) these components depend on
the deformation components ε, (ii) ε depend on the
longitudinal deformations χ (Abambres et al. 2011a),
and (iii) χ depend on the generalized displacements
d(unknowns of the FE method), relation (3) can be
rewritten as

where k and i are indexes related with the deformation
mode k and the component i of displacements vector
d (satisfying the summation convention). The gradi-
ents ∂ε/∂χ are given by the sectional deformations E
(Abambres et al. 2011a) and ∂χ/∂d depend on the type
of approximation chosen for the FE. In this work, it is
based on the Hermite cubic polynomials ( H ) and is
given by

where kdenotes the deformation mode k , Eq. (5) is
related to all the modes k with in-plane displacements
(v,w = 0), Eq. (6) is related to axial and warping
shear modes only (v,w= 0) and dk is the elemen-
tar displacements vector (4×1). Once defined the FE
approximation, the insertion of Eqs. (4)–(6) in Eq. (1)
gives rise to the incremental equilibrium relation

where the component i − k of the tangent stiffness
matrix is a 4×4 sub-matrix related to modes iand k
and is defined inAbambres et al. (2011b) for the equi-
librium point j. However, it is important pointing out
that expressions presented in thatwork are not valid for
axial and warping shear modes. The way to obtain the
components i−k due to thosemodes consists in replac-
ing the correspondent vectors  and their derivatives
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by vectors with an order of differentiation reduced by
1 (check Eqs. (5)–(6)).
In order to complete the definition of all the vari-

ables needed to perform an incremental-iterative pro-
cedure, it is also necessary to define the vector of
internal forces for a generic point at the equilibrium
path, which arises from the first member of Eq. (1),
if Eqs. (5)–(6) are taken into account. For all modes
displaying in-plane displacements, the component k
(4× 1 sub-vector) of the elementar (FE with length
Le) internal force vector at the jth equilibrium point is
obtained by

The way of defining the components related to
axial and warping shear modes is identical to the
aforementioned procedure regarding tangent stiffness
matrix.
Concerning the plasticity model, it was considered

a J2-flow theory with associated flow rule (Borst and
Sluys 2007). In order to compute the tangent stiffness
matrix presented in Eq. (7), the consistent elastoplas-
tic constitutive matrix Dep∗ was used (Abambres et al.
2011b), which is known to reduce the computational
cost of the incremental-iterative procedure when com-
pared to the conventional constitutive matrix (Borst
and Sluys 2007).
In order to compute the tangent stiffness matrix and

the internal forces vector defined in Eqs. (7)–(8), one
must be able to update stresses and the plastic propor-
tional factor at any point and any equilibrium instant.
For that purpose, a robust return-mapping scheme
should be used for those points that undergo plastic
flow during a deformation increment. In this work, the
Euler-backward method based on a Newton-Raphson
scheme was considered (Borst and Sluys 2007). The
GBT formulation was implemented using MATLAB
(R2010a) software (MathWorks 1998).

3 ILLUSTRATIVE EXAMPLES

Next, two illustrative examples are presented and
the GBT results are compared with the ones yielded
by ABAQUS (Simulia 2004) using S4 shell FE
model. The cross-section dimensions are referred
to section mid-line. The material behavior is linear
elastic-perfectly plastic and isotropic (Young modu-
lusE = 200000N/mm2, Poisson ratio ν= 0.3, uniaxial
nominal yield stress σy = 450N/mm2). In order to
perform an effective comparison between GBT and
ABAQUS results, 3 points of the equilibrium path
(λ− δ curve) were selected, namely: (A) elastic, (B)
elastoplastic and (C) plastic. In order to make a cor-
rect comparison between GBT and ABAQUS stress
results, it is worth pointing out that all GBT normal

Figure 2. (a) Section dimensions, loading and (b) structural
mode.

Figure 3. Some GBT relevant modes: (a) global, (b1; b2)
local, (c) warping shear, (d1; d2) transverse extension.

stress outputswere transformed to true stresses in post-
processing. However, GBT Von Mises stresses were
based on nominal stress components as those were
the ones used when implementing J2-flow theory. The
stresses distributions and displacements profiles are
obtained at z= 0 and correspond to membrane type
(see Fig. 1).

3.1 RHS beam

Consider the RHS fixed-pinned beam depicted in Fig.
2. The beam has a length L= 4000mm and is acted by
an uniformly distributed load p= 0.01λ N/mm2 (Fig.
2(b)) applied at the top flange (Fig. 2(a)). Only 17 (out
of 74) modes were used in the GBT analysis. The RHS
node discretization used inGBT, as well as some of the
most relevantmodes, are represented in Fig. 3. Regard-
ing FE models, (i) 16 beam FE’s were used in GBT
model (6 FE’s in x≤ 0.15L and 10 FE’s in x> 0.15L)
and (ii) 160 “transverse rows” of 36 shell FE’s were
used inABAQUSmodel. For the numerical integration
purposes, (i) 5 Gauss points were used in all directions
(s, z, x) of the GBTmodel and (ii) 5 Gauss points were
used in through-thickness direction of the ABAQUS
FE model. All stress diagrams presented in this exam-
ple are referred to the section located at x= 1996mm
(see Fig. 2(b)) and to the section path depicted by the
arrowed line in Fig.2(a).
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Figure 4. Load-displacement equilibrium path.

Figure 5. Displacement profiles for points A, B and C.

In Fig. 4, the equilibrium paths λ(δ) obtained by
GBT andABAQUS are presented, where δ is the mon-
itoring displacement represented in Fig. 2 and located
at x= 2000mm.
It is observed that theλ(δ) curves yielded by GBT

and ABAQUS compare very well, with the maxi-
mum difference never exceeding 1.6%. The 3 equi-
librium points chosen to compare the results corre-
spond to the following load parameters (see Fig.4):
(A) λGBT = 3.20, λABQ = 3.20, (B) λGBT = 0.63,
λABQ = 30.50 and (C) λGBT = 32.21, λABQ = 31.90.
Fig. 5 depicts the displacement profiles δ(x) of

section node indicated in Fig. 2(a) and show a very
satisfactory agreement between ABAQUS and GBT.
Regarding point C, the difference at the maximum
absolute displacement is about 4.5%. In Fig. 6. the
axial stress diagrams for points A and C are pre-
sented. Whereas for point A there is a quite satis-
factory agreement between GBT and ABAQUS for
the whole domain of the cross-section, for point
there are notorious similarities along the top flange
(150≤ s≤ 450mm) but relevant differences at the
webs (0≤ s≤ 150mm and 450≤ s≤ 600mm). How-
ever, one should bear in mind that point C is the
one where load parameter λ has greater difference
betweenABAQUS and GBT, and the results regarding

Figure 6. Axial stresses (x= 1996mm) for points A and C.

Figure 7. Transverse stresses (x= 1996mm) for point A.

Figure 8. Shear stresses (x= 1996mm) for points A and B.

the plastic response are more susceptible to numerical
errors.
Fig. 7 depicts the transverse stress diagrams for

point A, where the resemblance is quite satisfactory
along the top flange (150≤ s≤450mm), but there are
huge discrepancies along the webs (0≤ s≤150mm
and 450≤ s≤ 600mm). Despite these dissimilarities,
it can be noticed that the mid-points of GBT lines are
very close toABAQUSdiagram.The existenceof these
notorious discrepancies may be attributed to the use of
linear functions to approximate the transverse (v) dis-
placements between section nodes. Additionally, the
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Figure 9. Mises stresses (x= 1996mm) for points A,
B and C.

Figure 10. Mises stress (σMises) contours for point C.

Figure 11. Deformed shape for point C – plastic collapse.

GBT analysis adopted only two nodes in the web (see
Fig. 3) while the ABAQUS analysis used five.
Fig. 8 shows quite satisfactory results regarding the

shear stress diagrams for points A and B, although
some important differences are seen in the top flange
for point B. However, one should bear in mind that

Figure 12. (a) Section dimensions, loading and (b) struc-
tural model.

GBT andABAQUS load parameters coincide for point
A but do not for point B (see Fig. 4).
Concerning Mises stress diagrams, and taken into

account the differences between GBT and ABAQUS
load parameters, Fig. 9 shows that results from both
analyses are very close. Because point C is the one
where discrepancies are bigger, Von Mises stress con-
tours for that point are shown in Fig. 10. It can be
noted that the spread of plasticity in ABAQUS and
GBT exhibit a very good agreement. Lastly, Fig. 11
displays the collapse deformed shape for both anal-
yses: it is evident that local deformation takes place
where plastic deformation is bigger. Moreover, it is
also notorious the existence of shear deformation at
clamp’s vicinity.

3.2 LiteSteel beam

Now, consider the fixed-pinned LSB with length
L= 4000mm depicted in Fig. 12. The beam is loaded
at L/4 (x= 1000mm) and 3L/4 (x= 3000mm) by two
vertical concentrated loads F= 1000 λ N located in
the middle of the web, as illustrated in Fig. 12. In
this case, 70 (out of 93) GBT modes were used in
the analysis.The cross-section discretization and some
of the most relevant modes used in GBT are repre-
sented in Fig. 13. Regarding the FE models, (i) 40
beamFE’swere used inGBTmodel (6 in 0< x< 0.2L,
12 in 0.2L≤ x≤ 0.3L, 4 in 0.3L≤ x≤ 0.7L, 12 in
0.7L≤ x≤ 0.8L and 6 in x> 0.8L) and (ii) 184 “trans-
verse rows” of 28 shell FE’s were used in ABAQUS
model. For the numerical integration, (i) 5 Gauss
points in s and x directions were adopted in the GBT
model and (ii) 7 Gauss points in through-thickness
direction were used in both ABAQUS and GBT mod-
els. All the stress diagrams presented in this example
are referred to the section located at x= 2000mm
(see Fig.12(b)) and to the section path depicted by the
arrowed line in Fig. 12(a).
In Fig. 14, the equilibrium paths λ(δz) obtained by

means of GBT and ABAQUS are presented, where δz
is the monitoring displacement represented in Fig.12
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Figure 13. Some GBT relevant modes: (a) global, (b)
cell (torsion), (c1; c2) local, (d1; d2) warp.shear, (e1; e2)
transv.extension.

and located at x= 2000mm. The curves yielded by
both analyses compare very well, with a maximum
difference of 2%. The 3 equilibrium points chosen
to the comparison of results correspond to the fol-
lowing load parameters (Fig. 14): (A) λGBT = 17.25,
λABQ = 17.20, (B) λGBT = 98.90, λABQ = 97.00 and
(C) λGBT = 112.65, λABQ = 111.00.
In the bottom part of Fig. 14, the modal partici-

pation diagram is displayed. In accordance with the
modal participation definition used in this work2, one
can conclude that modes 2 (major axis bending –
Fig. 13(a)), 4 (torsion – Fig. 13(b)) and 5
(local – Fig. 13(c1)) are the most relevant ones

2 In this work, the participation of a given mode is defined
as the ratio between the displacement due to that mode in a
particular section (where the member displays the maximum
total displacement) and the sum of displacements due to all
modes. This definition normally results in low participations
for warping shear and transverse extension modes, although
they are crucial to obtain accurate results.

Figure 14. Load-displacement equilibrium path and GBT
modal participation diagram.

Figure 15. Displacement profiles (a) δz(x) and (b) δy(x).

(participation≥ 5%). In the spread of plasticity phase
(after yielding and before the horizontal plateau), it is
seen that modes 2 and 4 decrease their participation
while the contribution of mode 5 clearly increases.
Within the horizontal plateau, the participation of
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Figure 16. (a) Axial and (b) Mises stresses (x= 2000mm)
for points A, B and C.

modes 2, 4 and 5, increase, decrease and remain
uniform, respectively.
The displacement profiles δz(x) and δy(x) of the

node indicated in Fig. 12(a) are depicted in Fig. 15 and
the comparison between GBT and ABAQUS results
display an excellent agreement for points A and B.
In the case of point C, GBT and ABAQUS profiles
show a maximum difference in the section where the
maximum absolute displacement takes place, with dif-
ferences about 4.5 and 8.5%, respectively for δz(x) and
δy(x). However, one should bear in mind that point C
doesn’t correspond to the same displacement in GBT
and ABAQUS (see Fig. 14).
Figs. 16(a) and 16(b) show axial and Von Mises

stresses diagrams, respectively. Once again, the simi-
larities between GBT and ABAQUS results are noto-
rious. Fig. 17(a) and 17(b) depicts the variations of
shear stresses for points A and C, respectively. It is
seen that the shear stresses in the web evolve from
quadratic variation (pointA – elastic) to an almost uni-
form profile (point C – plastic). There is also a good
resemblance between bothGBT andABAQUS results.
The Von Mises stress and axial displacement con-

tours for point B are presented in Figs.18 and 19,
respectively, where the results are qualitatively and
quantitatively fairly good. Lastly, similar collapse
deformed shapes yielded by GBT and ABAQUS are
depicted in Fig. 20 and it can be seen that most of the
deformation occurs close to the load at x= 3000mm.

Figure 17. Shear stresses (x= 2000mm) for points (a) A
and (b) C.

Figure 18. Mises stress (σMises) contours for point B.

4 CONCLUSIONS

A GBT formulation to analyse the first-order elasto-
plastic behaviour of thin-walled members was pre-
sented and applied to illustrate the behaviour of
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Figure 19. Axial displacement (u) contours for point B.

Figure 20. Deformed shape for point C – plastic collapse.

RHS and LSB fixed-pinned beams subjected to dis-
tributed and concentrated loading, respectively. The
GBT results were compared with the ones obtained
fromABAQUS (Simulia 2004) code using shell FE’s.
Equilibrium paths, displacement profiles, stress dia-
grams, stress / displacement 3D contours, as well as
3D deformed shapes were compared and a very good
agreementwas found for all results. Finally, it is impor-
tant to highlight that the number of dof used in each
ABAQUS model was 65.1 (RHS beam) and 5.3 (LSB
beam) times higher than in GBT.
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ABSTRACT: This paper concerns the application of Generalised BeamTheory (GBT) to analyse the buckling
behaviour of thin-walled steel members with single-cell regular polygonal cross-section, such as those employed
to build transmission line structures, antennas and masts. First, the most relevant local and distortional cross-
section GBT deformation modes are obtained and examined. Then, the buckling (bifurcation) behaviour of
uniformly compressed members (columns) and members subjected to pure torsion is assessed with the help of
GBT-based semi-analytical formulae and beam finite elements. Attention is paid to both local and distortional
(flattening) buckling phenomena. For comparison and validation purposes, some results obtained are compared
with values yielded by standard finite strip and shell finite element analyses.

1 INTRODUCTION

GeneralizedBeamTheory (GBT),whichwas first pro-
posed by Schardt (1966, 1989) in the context of linear
elastic isotropic thin-walled members, may be viewed
as an extension of Vlasov’s thin-walled prismatic bar
theory that accounts for cross-section in-plane and out-
of-plane (warping) deformations. In a GBT analysis,
the member deformed configuration is expressed as
a combination of pre-determined cross-section defor-
mation modes, whose varying amplitudes along the
member axis are the problem unknowns. This quite
unique modal nature renders GBT analyses consid-
erably more versatile and efficient than equivalent
(similarly accurate) finite strip or shell finite element
analyses and it has been widely demonstrated that
GBT constitutes a powerful, elegant and clarifying
tool to solve a wealth of structural problems involving
thin-walled members (e.g., Camotim et al. 2010a, b).
This paper concerns the application of GBT to anal-

yse the buckling behaviour of single-cell thin-walled
steel members with n-sided regular (equiangular and
equilateral) convex polygonal cross-section, such as
those widely employed to build transmission line
structures, antennas and masts. In section 2, the GBT
cross-section analysis procedure is employed to obtain
the shapes and characteristics of the most relevant
local and distortional deformation modes for increas-
ing n values (number of walls). In section 3 the local
and distortional buckling (bifurcation) behaviour of
uniformly compressed members is assessed using a

GBT-based semi-analytical approach and the previ-
ously determined deformation modes. In particular,
the local buckling behaviour of even and odd-walled
members is investigated. Moreover, attention is paid
to the distortional (flattening) buckling phenomenon
occurring inmemberswith highwall numbers. Finally,
a GBT-based finite element is employed to investigate
the member buckling behaviour under torsion.
For validation purposes, the GBT-based results are

compared with values determined by means of buck-
ling (linearised) analyses performed using (i) the finite
strip codeCufsm (Schafer, 2003) or (ii)Adina (Bathe,
2010) shell finite element models.

2 GBT DEFORMATION MODES

2.1 Brief review of the GBT cross-section analysis

Consider the arbitrary thin-walled prismatic member
depicted in Fig. 1, which shows also the mid-surface
local axes (x, y, z) for each wall. Adopting Kirch-
hoff’s assumption, which states that fibres located
initially along z remain undeformed and perpendicu-
lar to the member mid-surface, the wall displacement
components are given by
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Figure 1. Arbitrary thin-walled member local coordinate
systems.

where u, v and w are the wall mid-line displacement
components along x, y and z, respectively, and the
comma indicates partial differentiation.
The displacement components of the wall mid-line

are further expressed as

where (i) the summation convention applies to sub-
script k , (ii) functions uk (y), vk (y), wk (y) contain the
mid-line displacement components associated with
each of the cross-section deformation modes and
(iii) φk (x) are the corresponding (modal) longitudi-
nal amplitude functions, which constitute the problem
unknowns. It should be mentioned that the differen-
tiation with respect to x appearing in u is necessary
to enforce the null membrane shear strain hypothesis,
commonly designated as “Vlasov’s hypothesis”.
The most unique feature of a GBT analysis is the

preliminary identification of the cross-section defor-
mation modes, i.e., the determination of the shapes
of the functions uk (y), vk (y), wk (y). These function
shapes are obtained through the performance of the
so-called “GBT cross-section analysis”, a sequential
procedure consisting of two main steps (Gonçalves et
al. 2010a):

(i) Cross-section discretisation by means of “cross-
section nodes” and generation of an initial set of
deformation modes (shape functions). Each ini-
tial deformation mode is obtained by imposing a
unit displacement (u, v or w) at a single cross-
section node, while keeping all the remaining
nodal displacements null. The in-plane deformed
configuration of the cross-section associatedwith
eachmode requires solving a statically indetermi-
nate folded-plate problem, which can be done, for
instance, by viewing it as a 2D frame subjected to
imposed nodal displacements.The frame analysis
is then carried out by using any suitable method
of structural analysis (e.g., direct stiffness, direct
displacement or beam finite element methods).

(ii) Performance of an appropriate change of base
in the space spanned by the initial set of defor-
mation modes, by sequentially solving a series
of eigenvalue problems, in order to a final set
of deformation modes that are both structurally
meaningful and hierarchically ordered.

For instance, for the particular case of the deforma-
tion modes involving transverse wall bending (i.e., the
local and distortional modes), the relevant eigenvalue
problem is defined by

where (i) matrix B concerns wall transverse bend-
ing and (ii) matrix C takes into account longitudinal
bending and the wall warping. Their components read

where the integrations are performed over the cross-
section mid-line S, t is the wall with, E is Young’s
modulus and ν is Poisson’s ratio.
It is worthmentioning that the authors have recently

discussed and extended the scope of the GBT cross-
section analysis procedure, making it possible (i) to
perform more rational analyses of cross-sections with
arbitrary shapes, namely those combining closed cells
with open branches and even (ii) to take into account
internal and external constraints (Gonçalves et al.
2010a).

2.2 Distortional modes

For closed single-cell cross-sections, it was shown
by two of the authors (Gonçalves et al. 2010a) that,
assuming (i) the in-plane inextensibility of the cross-
section walls and (ii) null membrane shear strains (the
Vlasov’s hypothesis), the number of warping deforma-
tionmodes (i.e., modes involving axial displacements)
equals the number of cross-section nodes – in this par-
ticular case, it also equals the number of cross-section
walls. Note, however, that the null membrane shear
strain assumption leads to unacceptable errors in cap-
turing themember torsional behaviour, which can only
be eliminated if a “uniform shear flow deformation
mode” is included in the analysis (Schardt 1989).
When only the warping modes are considered, the

performance of a GBT cross-section analysis leads
to (i) three “rigid-body” (global) deformation modes
(axial extension and major/minor axis bending) and
(ii) n− 3 distortional modes. Therefore, the simplest
single-cell cross-section, the triangle (either regular or
irregular), exhibits no distortional modes – moreover,
it is possible to conclude that torsion may not involve
warping.
In many cases of practical interest the configu-

ration of some (or all) distortional modes may be
easily determined from symmetry and anti-symmetry
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considerations, following the principle that the warp-
ing functions associated with each deformation mode
must be mutually orthogonal (including those con-
cerning the “rigid-body” modes). For instance, in a
rectangular hollow cross-section, one has n− 3= 1
and the warping function corresponding to the (sin-
gle) distortional mode must be anti-symmetric with
respect to the axes of symmetry of the cross-section.
Regular (equiangular and equilateral) convex n-

sided polygons exhibit rotational symmetry of order n,
thus leading to some noteworthy peculiarities exhib-
ited by their deformation modes. First of all, any
centroidal axis is also a principal axis of inertia
and, therefore, the “rigid-body” bending deformation
modes may be related to any orthogonal pair of such
axes.
These cross-section shapes are characterised by

n− 3 distortional modes, which can be obtained
directly from the solution of the eigenvalue prob-
lem defined by Equation (3). Notably, this proce-
dure leads to eigenvalues with multiplicity 2, which
means that these distortional eigenvalues are associ-
ated with a pair of distortional deformation modes not
unambiguously defined (like the “rigid-body” bending
deformation modes). Figure 2 shows the distortional
deformation modes obtained for cross-sections with
n= 4 to n= 7, characterised as follows:
(i) The square (n= 4) has only one eigenvalue and
one distortional mode.

(ii) The pentagon (n= 5) has one eigenvalue with
multiplicity 2, associated with modes 1 and 2.

(iii) The hexagon (n= 6) has two eigenvalues, where
the first has multiplicity 2 and is associated with
modes 1 and 2, whereas the second corresponds
to a single mode (mode 3).

(iv) The heptagon (n= 7) has two eigenvalues with
multiplicity 2,which are associatedwith two pairs
of deformation modes (1+ 2 and 3+ 4).

2.3 Local modes

Concerning the GBT cross-section analysis, the local
deformation modes are obtained by subdividing the
cross-section walls by means of “intermediate nodes”.
The initial set of local modes is obtained by imposing
lateral (normal to thewallmid-line) unit displacements
at each intermediate node. Like for the distortional
modes, the local deformation mode set is obtained
by solving Equation (3). Clearly, the number of local
modes equals the number of intermediate nodes.
Figure 3 shows sets of local deformation modes

concerning the four regular polygons depicted in Fig-
ure 2, which are determined on the basis of wall
subdivisions into two equal wall segments (a single
mid-width intermediate node per wall), thus implying
that the total number of local modes obtained is equal
to n.
Once more, the solution of Equation (3) leads to

eigenvalues with multiplicity 2, even if the picture
is now somewhat different for cross-sections consist-
ing of even-sided and odd-sided polygons. In the case

Figure 2. GBT distortional deformation modes of
cross-sections consisting of convex regular polygons with 4
to 7 sides (walls).

of even-sided polygons, the first and last deforma-
tion modes are always “isolated” (i.e., not associated
with eigenvalues exhibiting multiplicity) and the pairs
are formed by the intermediate modes, sequentially
ordered: 2+ 3 for the square (n= 4) and 2+ 3, 4+ 5
for the hexagon (n= 6). For the odd-sided polygons,
only the last deformation mode is “isolated” and the
pairs concern the remaining deformationmodes, again
sequentially ordered: 1+ 2, 3+ 4 for the pentagon
(n= 5) and 1+ 2, 3+ 4, 5+ 6 for the heptagon (n= 7).

3 BUCKLING BEHAVIOUR

Foruniformly compressed simply supportedmembers,
the exact solutions of the GBT buckling (bifurcation)
analysis equations correspond to sinusoidal amplitude
functions of the form

where (i) φk is the maximum amplitude value for
deformation mode k , (ii) m is the buckling mode lon-
gitudinal half-wave number and (iii) L is the member
length.
InsertingEquation (5) into the bifurcation equations

leads to a semi-analytical approach, inwhich the buck-
ling loads λb are obtained by solving (e.g., Schardt
1994, Gonçalves et al. 2010b)

715



Figure 3. GBT local deformation modes of cross-sections
consisting of convex regular polygons with 4 to 7 walls, each
of them exhibiting a mid-width intermediate node.

where C and B are the previously discussed modal
matrices, D is a modal matrix associated with torsion
and longitudinal/transversal bending coupling, and X
is the modal geometric matrix, with components

where σxx are the pre-buckling longitudinal normal
stresses andG is the shear modulus.
For non-simply supported members, the above

equation may still be employed (approximately) to
assess the distortional or local buckling behaviour
of long columns, for which the effect of the bound-
ary conditions is negligible. In more general cases, it
is obviously preferable to employ GBT-based beam
finite elements (e.g., Silvestre & Camotim 2003 or
Gonçalves & Camotim 2012), which are still compu-
tationally quite “economic”, particularly when com-
pared with similarly accurate standard shell finite
element models.

3.1 Local buckling under uniform compression

Provided that adequate bracing against flexural buck-
ling is provided, the instability of thin-walledmembers

Table 1. Buckling coefficients for even-sided polygonal
columns.

Int. nodes Square Hexagonal Octagonal

1 4.0171 4.0171 4.0171
2 4.0023 4.0023 4.0023
3 4.0006 4.0006 4.0006

with closed cross-sections is primarily governed by
local buckling. The calculation of critical local buck-
ling loads is rather straightforward and, in most cases,
it is sufficiently accurate (and conservative) to analyse
the most slender wall (that having the highest width-
to-thickness ratio b/t) as if it were simply supported on
all edges. Therefore, the classic expression providing
the critical buckling stress of uni-axially loaded plates
can be readily applied. It reads (e.g., CEN 2006)

where k is the buckling coefficient, which depends on
the applied stress distribution and plate support con-
ditions. For uniformly compressed simply supported
plates one has k = 4, which also constitutes the exact
value for regular convex polygons with an even num-
ber of walls under uniform compression – this is due
to the “pure” anti-symmetric nature of the buckling
mode shape. For irregular polygons, regular polygons
with an odd number of walls and/or non-uniform load-
ing, the use of k = 4 naturally leads to errors that may
be more or less significant for a specific case. In order
to obtain more accurate critical buckling stress, it is
indispensable to resort to numerical procedures, such
as GBT-based finite elements.
Even-sided polygonal columns are first analysed

and Table 1 provides the buckling coefficients associ-
ated with the critical local buckling stresses for n= 4,
6 and 8, obtained with Equation (8) and considering
up to 3 intermediate nodes per wall. The numerical
results presented concern columns with r = 100mm
(cross-section circumradius), t = 2mm, E = 210GPa
and ν= 0.3. The configurations of the critical buck-
ling modes obtained for the three polygonal columns
are displayed in Figure 4 – note that the deformed
shape of each wall closely resembles that of a simply
supported plate.
In this case, k = 4 is the exact result for the three

columns and it is clear that GBT already leads to
a nearly perfect match with just a single interme-
diate node per wall (less than 0.4% differences are
obtained).Moreover, the bucklingmode shapes shown
in Figure 4 confirm that the critical mode always cor-
responds to the first local deformation mode depicted
in Figure 3.
Next, attention is turned to the analysis of odd-sided

polygonal columns, for which the value k = 4 provides
a more or less considerable underestimation of the real
critical local buckling stress. For these cross-section
shapes, the local buckling stresses are associated with
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Figure 4. Critical local bucklingmode shapes of even-sided
polygonal columns.

Table 2. Buckling coefficients for odd-sided polygonal
columns.

Int. nodes Triangular Pentagonal Heptagonal

1 4.7536 4.3000 4.1633
2 4.7162 4.2775 4.1447
3 4.7108 4.2747 4.1424
Finite Strip 4.7043 4.2695 4.1477

pairs of buckling mode shapes, i.e., they correspond
to eigenvalues with multiplicity 2 – this means that
the buckling modes are not uniquely defined, since
any linear combination of the two competing shapes
is still a buckling mode (one has a “buckling mode
plane”).
Table 2 shows the buckling coefficients for odd-

sided polygonal columns with n= 3, 5 and 7 and
r = 100mm, t = 2mm, E = 210 GPa and ν= 0.3 (as
before). Figure 5 shows the corresponding critical
buckling mode shapes. For comparison and vali-
dation purposes, critical buckling coefficients and
mode shapes determined with the finite strip (FS)
code Cufsm (Schafer 2003) are also presented. The
following conclusions can be drawn:

(i) As expected, the buckling coefficient k decreases
as the number of sides grows and gradually
approaches the exact value 4.0.

(ii) The comparison between the GBT and FS buck-
ling coefficients shows that the accuracy achieved
by the former is still quite high considering just
a single intermediate node per wall. However,
2 intermediate nodes are required in the trian-
gular column to ensure that the difference, with
respect to theFSvalue, is kept below1%(only one
intermediate node leads to a difference slightly
higher).

(iii) There is no perfect match between the buck-
ling mode shapes provided by the GBT and FS
analyses (although some of these modes appear
to be related by rigid-body rotations), which is
due to the fact that these critical modes are not
uniquely defined. Nevertheless, both the GBT
and FS buckling mode pairs can be used as a
possible base of the same vector space.

3.2 Distortional buckling under uniform
compression

For cross-sections with low b/t ratios, local buck-
ling ceases to govern and distortional buckling may

Figure 5. Critical local buckling modes for odd-sided
polygonal columns.

become critical. Note that a low b/t value does not
necessary imply a “thick-walled” cross-section, since
the same distortional buckling relevance occurs as
n increases, i.e., the polygon approaches a circle. In
the limit case of n= ∞, i.e., for a thin cylindrical
shell under uniform compression, the critical distor-
tional buckling stress is given by (Timoshenko &
Gere 1963)

It is worth noting that Silvestre (2007) developed a
GBT formulation aimed at performing buckling anal-
yses of thin-walled circular tubes. This formulation
makes it possible to recover Equation (9) and further
leads to the following analytical expression for the
associated critical length (Lcr) values

Since the GBT-based approach developed in this
work is based on the assumption of straight walls,
it is obviously not capable of recovering the above
analytical expressions. Nevertheless, as n grows, the
solutions obtained by means of these equations should
be approached. By equating the expressions given
by Equations (8) and (9), one is led to (assuming
ν= 0.3)

Table 3 shows the critical buckling coefficients and
lengths (Lcr) for several icosagonal (n= 20) columns
with r = 100mm, E = 210 GPa, ν= 0.3 and variable
t (thickness). Once more, the critical buckling stresses
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Table 3. Icosagonal column distortional buckling coeffi-
cients and critical lengths.

k Lcr (mm)

t Finite
(mm) GBT Strip Eq. (11) GBT Eq. (10)

1 3.9939 3.9457 4.065 1600 1649
2 2.0158 1.9696 2.032 1150 1166
3 1.3577 1.3101 1.355 950/900 952
4 1.0289 0.9812 1.016 825/800 824
5 0.8315 0.7832 0.813 725/800 737

Figure 6. Icosagonal column critical distortional buckling
modes.

correspond to eigenvalues of multiplicity 2 and the
associated buckling modes are depicted in Figure 6. It
is possible to draw the following conclusions:

(i) Although the differences between GBT and FS
critical distortional buckling loads remain quite
small, they are nevertheless higher than their local
counterparts. Such differences vary from 1.2%
(t = 1mm) up to 6.2% (t = 5mm) and, moreover,
they do not decrease if additional intermediate
nodes are included in the GBT analyses.

(ii) All the buckling coefficients obtained by means
of both the GBT and FS analyses are lower than
4 (but k ≈4 for t = 1mm), which means that
distortional buckling is critical in all cases.

(iii) Equation (11) provides values that are practi-
cally coincident with the GBT (and FS) ones. The
differences are always below2.2% (for t = 5mm).

(iv) The Lcr values obtained with the analytical Equa-
tion (10) are also remarkably close to the numer-
ical GBT values. In this case the differences fall
always below 3%.

3.3 Buckling under uniform torsion

The last illustrative example concerns the buckling
behaviour of polygonal members subjected to pure
uniform torsion. Because the walls of closed cross-
section members are subjected to pure shear, they
invariably undergo critical shear buckling. Moreover,
due to the polygonal cross-section shape, distortional
deformation modes are also involved, which means
that the longitudinal edges connecting adjacent walls
do not remain straight in the column buckled config-
uration.

Table 4. Hexagon torsional buckling loads.

No. FE TGBT (kNm) TShell (kNm) %

2 47.18 −3.1
3 45.26 1.1
4 45.23 45.78 1.2
5 45.16 1.4
6 45.12 1.4

Figure 7. Hexagonal member subjected to torsion: (a)
critical mode shapes and (b) GBT modal decomposition
(amplitude functions and configuration of the most relevant
modes).

Because Equation (5) no longer constitutes a exact
solution for simply supported members, it is neces-
sary to employ a GBT-based finite element approach
to obtain accurate buckling torsional moments. On the
other hand, the code Cufsm is not able of handling pre-
buckling shear stresses and, thus,Adina (Bathe 2010)
shell finite models are used for comparison purposes.
The numerical results presented and discussed next

concern the particular case of an hexagonal (n= 6)
member characterised by L= 1000mm, r = 100mm,
t = 2mm, E = 210 GPa and ν= 0.3. At one end, all
memberwalls are “locally” simply supported, a bound-
ary condition that fully restrains torsional rotations but
does not preclude warping. At the other member end
a torsional moment is applied and a rigid diaphragm
is introduced to simulate a realistic/feasible bound-
ary condition that restrains warping and plate bending
at this member end. The GBT model is fully consis-
tent with its shell counterpart, as far as all boundary
conditions are concerned.
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The GBT analyses are based on the consideration
of a single intermediate node in each wall, which
means that 3 distortional (Fig. 2) and 6 local (Fig. 3)
deformation modes are included in the analysis.
Table 4 shows the critical torsional moments

obtained through (i) theGBT analyses, adoptingmem-
ber discretisations into up to 6 equal-length beam finite
elements, and (ii) a standard Adina shell model. A
rather accurate value is achieved with only two GBT
finite elements (overestimation of about 3%) and the
consideration of additional elements brings the GBT
critical torsional moment very close to the shell model
value – GBT provides underestimates with differences
around 1-1.5%, which end up growing slightly when
the number of finite elements increases.
Figure 7(a) makes it possible to compare the con-

figurations of the GBT and Adina (shell model)
critical buckling modes, and a virtually perfect match
is observed. The GBT modal amplitude functions are
shown in Figure 7(b) and one readily concludes that
only two deformation modes are relevant: the distor-
tional mode 3 (see Fig. 2) and the local mode 1 (see
Fig. 3). This finding shows that it is indispensable to
include distortional deformation modes in the GBT
buckling analyses of polygonal members subjected to
uniform torsion.

4 CONCLUDING REMARKS

This paper presented the application of Generalised
BeamTheory (GBT) to analyse single-cell thin-walled
steel members exhibiting regular convex polygonal
cross-sections. The identification and characterisa-
tion of the GBT distortional and local deformation
modes were first addressed. One interesting feature
unveiled was the presence of deformation modes with
multiplicity 2.
Concerning the buckling behaviour of uniformly

compressed members (columns), it was shown that
both local buckling (for small n) and distortional buck-
ling (for large n) may be critical and that critical
buckling modes with multiplicity 2 are obtained in
all cases.
Finally, the member buckling behaviour under uni-

form torsion was also investigated and it was found
that the inclusion of distortional deformation modes
in the GBT buckling analyses is essential to obtain
accurate critical torsional moments.
For validation purposes, the GBT-based critical

buckling stresses/moments and corresponding buck-
ling mode shapes where compared with similar results
obtained by means of standard finite strip (buck-
ling behaviour under uniform compression) and shell
finite element (buckling behaviour under uniform tor-
sion) analyses carried in the codes Cufsm andAdina,
respectively.An excellent agreement, concerning both

the values of the critical buckling stresses/moments
and the configurations of the corresponding buckling
modes was found in all cases.
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ABSTRACT: Structures composed of concrete-filled steel hollow sections are widely used to-date due to
their structural efficiency and economy. This paper proposes a second-order design method which requires only
section capacity check without need of assuming an effective length and using prescriptive formulae in different
codes and the shape of the member cross section can be arbitrary. The member-based design by the linear
analysis and the effective length assumption is abandoned and replaced by the second-order analysis utilizing
an incremental-iterative nonlinear process. Using a curved element allowing for member P-δ effects and initial
imperfections, the non-linear response of individual members and a frame can be captured directly and used for
structure resistance checks.The proposed method could be used for generation of failure surfaces of the arbitrary
shaped cross sections and the stress distribution along the concrete component is considered by segments with
the entire structural steel section meshed into small fibres for determination of section capacity. Verification of
the proposed analysis method is carried out by comparison against examples. It is believed that the proposed
approach will be the next-generation design method for modern structures made of members of concrete filled
sections of any shape and the new design method is also being implemented in design of composite structures
in the consultant firm of the last author.

1 INTRODUCTION

Apart from the strength check, the stability check
is also included in the design procedures. Although
the descriptions for the stability check in Bare Steel
(BS), Reinforced Concrete (RC) and Steel-Concrete
Composite (SCC) codes may be different, the require-
ment for consideration of second-order effects such as
P-� and P-δ effects is conceptually the same because
it is the true behaviour of a structure. It is noted
that only the P-� but not P-δ effect is commonly
considered in most previous researches and there-
fore the tedious member buckling strength design by
codes is still needed. In this paper, the Pointwise-
Equilibrium-Polynomial (PEP) element (Chan&Zhou
1994), which could allow for both the P-� and
P-δ effects and imperfections at element level, and a
robust nonlinear incremental-iterative procedure are
used. Thus, this method fulfils the requirements of
modern design codes such as AISC(2010), Eurocode
3 (2006), CoPHK(2005). Furthermore, the proposed
approach takes into account for various factors affect-
ing the structural behaviour and as a result it can be
directly used for safety check without member design.
This unified design method eliminates need of tedious
and unreliable individual member check to various
codes and carries out design for structures made of

different materials in a consistent manner.As the inter-
nal forces and moments obtained from the proposed
second-order analysis have already included the P-�
and P-δ effects, a simple cross sectional capacity check
is therefore adequate for the safety check of a structure.
The cross sectional capacity is generally described by
the failure surface, which is also usually named as the
full yield surface. A major consultant firm in Hong
Kong has also applied successfully the design concept
to design of a mega composite truss in a project in
Hong Kong.

2 GEOMETRIC NONLINARITY & ELEMENT
FORMULATION

Most finite element approaches for frame structures
are based on the cubic Hermite element with the addi-
tion of geometric stiffness matrix to the linear stiffness
matrix to allow for the geometric nonlinearity. The
limitation of the use of cubic element received many
debates and it ismainly due to the assumed straightness
in the element formulation that the authors consider the
cubic element as unsuitable for second order analysis.
This inability of modelling change of curvature when
element is under load and in the presence of initial
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Figure 1. Basic forces vs. displacements relations in an
element.

member imperfection are unacceptable in the second-
order design and advanced analysis, like Eurocode
3 (2006) and Eurocode 4 (2005) which require the
input of initial curvature in members and does not
permit the use of straight members in a practical
second-order design. To overcome this drawback of
the conventional beam-column element, Chan&Zhou
(1994) developed a Pointwise Equilibrating Polyno-
mial (PEP) element with initial curvature as shown in
Figure 1. They also refined the element with different
features to simplify the analysis procedure and make
the advanced analysis practical and reliable against
numerical divergence (Chan & Zhou 1995; Chen &
Chan 1995; Zhou & Chan 1996; Zhou & Chan 1997;
Chan&Zhou 1998; Chan&Zhou 2000).A brief intro-
duction of the PEP element is given here, and more
details can be referred to the original paper Chan &
Zhou (1994).
In the PEP element, six conditions are imposed

on the evaluation of the displacement function. They
are the compatibility conditions at the two end nodes
and the equilibrium conditions atmid span.Mathemat-
ically, these conditions can be stipulated as follows.
For compatibility,

For equilibrium,

A polynomial function of fifth power is further
assumed for the fulfilment of the aforementioned six
constrained equations, i.e.

The coefficients are then eliminated from the equa-
tions above and final displacement can be written as:

in which N1 and N2 are shape functions given by

with

The shape function of the PEP element will be con-
verted to the cubic Hermite function when the axial
load parameter q is zero. The discrepancy between the
cubic and the present higher-order element increases
when the axial load is large.
The remarkable advantage of the proposed

advanced analysis by PEP element lies on its automatic
computation of primary linear and secondary non-
linear stresses such that the assumption of K-factor
or effective length factor is avoided and the element
itself could detect buckling and second-order stresses.
The change on member stiffness in the presence of
axial load is also allowed for in the stress computation
and analysis and this feature is considered in order
to compute internal forces and moments in elements
accurately since member stiffness is affected by ini-
tial stresses or internal forces. When using the cubic
Hermite element for modelling of slender braces, the
error could be considerable, leading to a wrong pre-
diction of force distribution between the tension and
compression braces.

3 CONSTITUTIVE RELATIONSHIP

Various constitutive models in codes or obtained
from laboratory can be adopted in the proposed
second-order analysis. In this paper, the stress-strain
relationship of steel is assumed as elastic-perfectly-
plastic, while the material constitutive model of con-
crete is taken from Eurocode 2 (1999) and can be
expressed as,
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Figure 2. Arbitrary shape composite cross-section.

where fc is the peak compressive design strength of
concrete; ε0 and εcu are the strain at reaching the max-
imum strength and the ultimate respectively; n is the
exponent which can be conventionally taken as 2.0 for
normal strength concrete.
The confinement effect of concrete canbe taken into

account by modifying the stress-strain relationship
stated in Eurocode 2 (1999) as,

in which, σ2 is the effective lateral compression due to
confinement; fc,c is the peak compressive strength of
confined concrete; ε0,c and εcu,c are the confined con-
crete strains at the maximum and the ultimate strength
respectively.

3.1 Cross-sectional analysis for RC and SCC
sections

In this section, the sectional analysis for arbitrary
shape sections, which may consist of four types
of components, namely as unconfined and confined
concrete, rebar, structural steel and openings, is dis-
cussed. An arbitrarily shaped cross section with arbi-
trary arrangement of reinforcing bars and structural
steels subjected to biaxial-eccentric load is shown in
Figure 2.

3.1.1 Reference loading axes
As shown in Figure 2, the location of the neutral
axis can be determined by two variables, i.e., ori-
entation angle θn and the depth dn of neutral axis
Brondumnielsen (1985) andYen (1991) used a quasi-
Newton method to find the θn and the dn, which was

claimed to be effective and efficient in dealing with
cross sectionwith regular shape.They adopted the geo-
metric centroid as the origin of the reference loading
axes which can be calculated as,

in which, Ac, Ar , As and Ao are the area of concrete,
reinforcing bars, structural steels and opening respec-
tively; Zc,Yc, Zr ,Yr , Zs,Ys, Zo andYo are respectively
the centroidal coordinates of each component; Zgc and
Ygc are the coordinates of geometric centroid of the
whole section.
However, Chen et al. (2001) reported that this tech-

nique did not always converge when it is applied to
irregularly shaped cross section, especially when the
arrangement of reinforcing rebar and structural steels
is highly eccentric. They further proposed that, by
using the plastic centroid as the origin of the refer-
ence loading axes, the aforementioned convergence
problem can be overcome and meanwhile the number
of iterations for convergence can be reduced. For an
arbitrarily shaped composite cross section, the plas-
tic centroid may be determined as (Roik & Bergmann
1990),

in which, fc, fr and fs are the characteristic strengths of
concrete, reinforcing bars and structural steels respec-
tively; γc, γr and γs are the corresponding partial safety
factors; Zpc and Ypc are the coordinates of plastic
centroid of the whole section.
It should be further noted that, due to the Euler-

Bernoulli hypothesis assumed in the beam-column
element analysis, the generalized force and moments
should correspond to the origin of the geometric cen-
troid and therefore, the moment capacities calculated
at the plastic centroid should be transferred to the geo-
metric centroid for consistency. The transformation of
the moments is described in the followings.

3.1.2 Coordinate systems
Three coordinate systems are adopted to describe
the analysis procedure: ZCY, zoy and uov. The ZCY
system is to describe the cross section defined by
designers. The zoy and uov systems have the same ori-
gin as the plastic centroid of the cross section. Both the
geometrical and plastic centroid can be readily deter-
mined. So the whole iterative process involves only
coordinate transformation twice, as the global ZCY
system to the load-reference zoy system and then to
the uov system of which the u-axis is parallel to the
neutral axis.
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Figure 3. Stress resultants by equivalent stress block
method.

Their coordinate transformation formulae can be
written respectively below as,

in which Z andY, z and y, u and v are the coordinates
in ZCY, zoy and uov systems respectively.

3.1.3 Stress Resultants in concrete by equivalent
stress block method

In the calculation of the stress resultant of concrete
under ultimate crushing state, the Whitney’s stress
block (Whitney 1965) (see Fig. 3) is introduced for the
integration of the parabola stress-distribution, which is
adopted in many national concrete codes. It should be
pointed out that the strain of the most external fibre is
taken as the crushing strain εcu and the tensile strength
is usually ignored at the ultimate state.
The equivalent stress block method is limited to the

generation of the stress resultant under the ultimate
failure state. The stress resultants of other limit states
can be obtained by more elaborated segments integra-
tion approach. The difference between the equivalent
stress block method and elaborated segments integra-
tion method for calculating the stress resultant of the
concrete under ultimate failure state is small as to
be demonstrated in the verification examples in this
paper. Due to simplicity and efficiency, it is more
suitable to calculate the stress resultant of the con-
crete under ultimate limit state by using the equivalent
stress blockmethod.Themathematical expressions for
calculation of stress resultants are shown as follows.

in which nc is the number of vertices of the compres-
sion zone; v(u) is the linear equation of boundary line

Figure 4. Stress resultants by elaborated integration
method.

equal to v(u) – vn with vn being the coordinate of the
neutral axis in v-axis; ρ is equal to +1 when Nzc> 0
and equal to −1 when Nzc< 0.

3.1.4 Stress Resultants in concrete by elaborated
integration method

As aforementioned, for more accurate integration of
the stress in concrete component, the concrete zone
will be divided into several segments as shown in Fig-
ure 4. Due to the stress and strain distribution are the
same under the same vertical level in the rotated local
axis, the strains in fibres in each layer segments are
the same, and the method of layer segments division
is more efficient than the conventional sectional fibre
discretization. The complete concrete zone should be
divided into a number of sub zones and the tension
zone of concrete will be ignored.
The proposed layer segments integration approach

can be applied to generate any kinds of yielding or
controlling surfaces through adjusting the strain value
at the most extreme fibre and its extended application
will be discussed other publications by the authors.
Moreover, the stress-strain model should be used
for the determination of stress distribution. An ade-
quate number of segments are required for acceptable
accuracy. The mathematical formulas are given by,

in which nL is the number of the sectional lay-
ers; nv(i) is the number of intersection points in the
corresponding layers.

3.1.5 Stress Resultants in steel
Each rebar is treated as an individual fibre, while the
structural steel will be meshed into a number of fibres
with rectangular areas. The stress resultants of steel
section and reinforcement can be computed as,
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where Arj and Ask are the areas of discrete fiber
and reinforcing bar respectively; σrj and σsk are the
corresponding stresses.

3.1.6 Opening area
The negative area approach is used to remove the voids
occupied by the steel components and the openings in
the section.

3.1.7 Total force and moments
The bending moments obtained from the above equa-
tions are summed up and then transformed to the
xoy system by the following transformations. The
moments generated from the cross-section analysis
are based on the origin of the plastic centroid, which
should be transferred to the reference loading axes, i.e.
the origin of geometric centroid.

3.1.8 Iteration scheme
By rotating the orientation θn of neutral axis from 0

◦
to 360◦ with the change of depth dn, the section capac-
ity can be precisely determined. The Regula-Falsi
numericalmethod is utilized to satisfy the equilibrium,
compatibility, and constitutive relationships.
The axial force capacity Nx is iterated with

respect to dn by the following equation with θn kept
unchanged.

where dn,k is the depth of updated neutral axis; dn and
d′
n are the depth of neutral axis with the axial capac-
ity being smaller and greater than the design value
respectively; Nx and N

′
x are the axial force capacity

calculated at dn and d
′
n and Nxd is the current design

axial loading.

Figure 5. Generation the yield surfaces under given axial
load.

The whole procedure of sectional analysis is illus-
trated in Figure 5.

3.1.9 Section strength check
To check the member adequacy, the section capacity
factor φf defined in Eq. (41) is used to identify the
failure condition:

where� is the second-order displacement due to nodal
coordinate change which includes out-of-plumpness
frame imperfections and sway induced by loads in the
frame; δ is the displacement due to member curvature
and bowing induced by initial imperfections and load
at ends and along the length of a member; Mχ

p is the

moment capacity with the same orientation angle as
applied moments under same axial force. If φf > 1,
the section capacity check fails and it implies that the
section has reached its ultimate capacity.
In practice of the first-plastic hinge design, a geo-

metrically nonlinear analysis is carried out and the
load causing the formation of the first plastic hinge,
detected by computation of section capacity factor φf
along anymember being greater than or equal to unity,
is taken as the design load. In other words, in the
incremental-iterative procedure, any member attain-
ing a section capacity factor φf greater than unity is
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considered as failure of the member and the load caus-
ing the failure of this member is taken as the resistant
design load.

3.2 Flexural stiffness modeling

For the conventional design procedure, which is
mainly based on the first order linear elastic theory,
it is common to assume the effective moment of iner-
tia for the concrete component by the empirical values
or the code-specified reduction factors. Generally, it
uses half of the gross moment of inertia for beams
and the whole moment of inertia for columns. Many
design codes and guidelines give approximate reduc-
tion factors for cracking effects on the flexural stiffness
of the concrete components. For example, FEMA 356
(2000) suggests the gross moment of inertia of the
highly and modestly loaded columns are respectively
reduced to 30% and 50% of their uncracked val-
ues. The New Zealand Standard code (1995) gives
a more detailed estimation of the effective moment
of inertia for the concrete component under differ-
ent loading conditions and magnitudes for an elastic
analysis.
For design of high-rise buildings, the overall lat-

eral deformation and internal storey drift sometimes
govern in place of the strength criteria at elemental
level and hence an accurate estimation of the flexural
stiffness is crucial in design of this structural form.As
the cracking effect of concrete component is quite dif-
ferent when under various loading conditions, codes
give the conservative value which may over-estimate
the cracking effect in most cases. For more elaborated
representation of the gradual cracking effect within
the concrete component, the modelling of gradual
cracking will be presented in the companion paper. In
the conventional design practice, this reduction factor
specified in codes should be taken.

4 CASE STUDY

Two examples are chosen to demonstrate the applica-
tion of the proposed second-order analysis and cross
sectional analysis of a concrete filled steel tube section
by methods.

4.1 Elastic geometrically nonlinear analysis of
deep toggle frame – Basic test of software for
second-order analysis

Many research studies claimed their success of using
one element permember in a second-order analysis but
their example is only on frames with members under
small axial force at buckling. For example, the shal-
low William toggle frame is widely used but the snap
through load of the William toggle is far below the
member buckling load. When the axial force is large,
many of these formulations are invalid that divergence
will occur or the solution is not accurate. The deep
toggle frame with depth increased by 10 times from

Figure 6. Deep toggle frame modeled by 1 element per
member.

Figure 7. Vertical top deflection and rotation at tip of deep
toggle.

the William toggle frame is shown in Figure 6 below
and used to test the efficiency and reliability of soft-
ware for a pure elastic analysis.Material yielding is not
considered in order to check the part for geometrically
nonlinear analysis.
The elastic load vs. deflection plots of the frame are

shown in Figure 7 above. It can be seen that the frame
buckles elastically at a load about 1600 kN at which
the frame snaps-through.

4.2 Typical concrete filled hollow section

A rectangular concrete filled section is used to verify
the accuracy of the proposed approach.The layout and
section properties of the two sections are shown in
Figure 8a. While, the failure surfaces of major and
minor axes obtained from the proposed method are
compared with those designed by Eurocode 4 (2005)
are shown in Figure 8b.
The axial force vs. moment interaction curves from

the proposed methods is also very close to the result
calculated by code, as can be seen in Figure 8. From
above, the proposed cross-sectional analysis technique
is noticed to be accurate and efficient. For beam-
columns of other and irregular sections, the results
are reported in other publications by the authors due
to limitation in page number of this paper.

4.3 Discussions

By using the proposed second-order analysis
approach, which considers initial imperfections of the
individual members and the whole frame, the effec-
tive length assumption is eliminated and therefore a
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Figure 8. Sectional analysis of a concrete filled hollow
section.

safe and economical design can be achieved. Thus,
all types of structural members can be designed in a
unified way with safety ensured by the simple section
capacity check.

5 CONCLUSIONS

In this paper, an advanced analysis and design
approach is proposed for the design of structures
composed of concrete-filled hollow sections. By
using an initially curved beam-column element in the
robust nonlinear incremental-iterative procedure, the
second-order effects of individual members and of
the structural system can be modelled. Further, a
divergence-proof iterative procedure is used to exactly
calculate the strength interaction surfaces of arbitrary
concrete-filled hollow sections subjected to biaxial
bending.Thus, the proposed method checks the stabil-
ity and sectional strength in the process of structural
analysis without additional individual member design.
The remarkable advantages include the abandon of
the assumption of effective length for member check
and the consideration of the effects of stiffness vari-
ation due to loads on columns. It is believed that the
proposed approach will be the next-generation design
method for modern structures made of members of
concrete filled sections of any shape. The applica-
tion of the second-order direct analysis is especially

suitable for hollow sections where buckling is seldom
controlled by local plate and lateral-torsional buck-
ling which nevertheless could still be handled by the
second-order analysis withmodest increase in analysis
and design effort.
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ABSTRACT: In this study, the structural behavior of high-strength steel tubular CHS seamless structural
members under combined loading of axial compression and bending is examined. The work is mainly numerical
supported by a series of tests. Eight full-scale combined loading tests on short seamless tubular specimens
are performed and are used to calibrate the finite element tools. Furthermore, initial imperfection and residual
stress measurements are conducted and taken into account in the numerical analyses. Using the numerical tools,
stability curves for high-strength steel (TS590) tubular members are obtained. Subsequently, combined loading
analyses are conducted on high-strength steel tubular members, so that interaction diagrams are developed,
showing the interaction between axial load and bending moment. Both stability curves and interaction diagrams
are compared with existing beam-column design provisions of relevant European and American specifications.
The comparison shows that the current EN 1993, API RP 2A and AISC specifications, provide reasonable, yet
conservative, estimates for the ultimate strength of high-strength steel tubular CHS seamless beam-columns.

1 INTRODUCTION

The use of Circular Hollow Sections (CHS) has
recently had a significant development both for their
excellent structural and architectural properties. In
particular, High-Strength Steel (HSS) CHS members
have become commercial about 3 decades ago, but
their use is still limited in the construction indus-
try, despite the growing demand for high-strength
lightweight structural systems; the use of high strength
steel, with yield strength from 460 to 690MPa,
could provide cost efficiency in column and beam
CHS member design because of the higher struc-
tural strength resulting in structures with a good
strength-to-weight ratio.
The buckling behavior of high-strength steel tubu-

lar members constitutes an issue of particular interest.
One should note that the stress-strain behavior of
HSS is considerably different from that of mild steel,
exhibiting considerably lower material ductility and
higher levels of strain hardening. Previous studies
on the buckling behavior of HSS members referred
mainly to H, I and box sections (Rasmussen & Han-
cock 1995; Beg 1996; Sivakumaran & Bing 1998;
Johansson & Collin 2008) and indicated that they
perform quitewell comparedwith ordinary steel struc-
tural members, while the existing design rules for
normal-grade steel (e.g. EN 1993) can be used as a
conservative approach.The good buckling behavior of
HSS is attributed to the smaller influence of geomet-
ric imperfections and residual stresses (Jiao & Zhao
2003).

The present study is mainly numerical, supported
by experimental testing on short columns and imper-
fection measurements. It is a part of an extensive
European research effort with the aim at develop-
ing structural design guidance for high-strength steel
CHSmembers, compatible with the current provisions
of EN 1993. Special emphasis is given to possible
revisions of strength and buckling predictions for pre-
dicting the ultimate capacity of high-strength steel
CHS elements under axial and bending loading, in
terms of stability curves and interaction diagrams, as
well as revising the current slenderness limits for CHS
member classification for the case of HSS. It should
be noted that the EN 1993-1-12 standard, which spec-
ifies the use of high-strength structural steel, does not
impose any restriction on the use of EN 1993-1-1 rules
for CHS beam-column design, but this subject needs
more in-depth investigation.
Thepresent paper refers to stability curves and inter-

action diagrams for high-strength steel CHSmembers,
whereas the corresponding cross-sectional classifica-
tion is examined in detail in the companion paper of
Pappa et al. (2012).

2 CURRENT SPECIFICATIONS

The structural design of tubular members under axial
compression, bending and combined loading condi-
tions is covered by the current provisions of EN-1993-
1-1 (EN 1993), in sections 6.2 and 6.3, officially
applicable for steel grade up to 460MPa.
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Two other specifications are considered in the
present study. The AISC specification for hollow sec-
tions (AISC 1999) contains rules for structural steel
tube design. In addition, theAPI RP2A – LRFD rules,
Chapter D, have been developed for the design of tubu-
lar for offshore steel platforms. Both specifications do
not cover the case of high-strength steel. Finally, the
CIDECT provisions (CIDECT 1992) are based on the
old provisions of ENV 1993-1-1 and, therefore, they
are not considered in the present study.

3 EXPERIMENTAL INVESTIGATION

3.1 Specimen description and set-up

The experimental investigation consists of eight (8)
full-scale tests on 1.5-meter-long tube specimens of
12-inch and 14-inch nominal diameter. The tubes are
seamless, made of TS590 high-strength steel mate-
rial (nominal yield stress equal to 590MPa), and
have been produced by Tenaris Dalmine. The corre-
sponding cross sectional dimensions are ∅355.6/12.5
(referred to as “section A”), and ∅323.9/10 (referred
to as “section B”). The specimens are tested under
combined-loading conditions of thrust and bending.
Initial imperfection measurements have been con-

ducted in several specimens before testing, in terms
of thickness variation, initial wrinkling of the tube
wall to be used in the finite element simulations.
In addition, residual stress measurements have been
obtained. All those measurements are presented in the
next paragraph.
Uniaxial tension tests on coupon strip specimens

have been conducted for obtaining the real material
properties of the steel material. The tests have indi-
cated that yield stress σy and ultimate stress equal to
723MPa, and 805MPa respectively. Following a small
plastic plateau after yielding, strain hardening of the
material started at 0.5% engineering strain. Further-
more, the ultimate stress of 805MPa occurred at a
value of engineering strain equal to 7%, indicating a
rather low ductility, typical for high-strength steel.
The combined loading tests on the tubular spec-

imens are conducted with the use of the testing rig
shown in Figure 1. The specimens are simply sup-
ported, with the use of two hinges that allow rotation
on the horizontal plane.This equipment can accommo-
date tubular specimens of length up to 5 meters, with
diameters ranging from 8 to 20 inches. The maximum
tensile and compressive load capacity of the testing
machine is 25,000 kN and 30,000 kN, respectively,
whereas the maximum bending moment capacity is
3,000 kNm.
The connection of the specimen ends to the test-

ing machine is made through a 40-millimeter-thick
connecting flange, bolted to the machine ends with
eigthteen M30 12.9 bolts. To avoid local buckling
at the two ends, 20-mm-thick stiffeners are welded
around the circumference. The total specimen config-
urationwith the end stiffeners is shown inFigure 2.The
stiffened ends of the tubular specimens are connected

Figure 1. CSM experimental set-up for large scale testing.

Figure 2. Final drawing of beam-column specimens.

to the hinges of the testing device through the 2.22-
meter-long very thick tubes, which remain practically
undeformed during the test (Fig. 1).
The combined loading conditions are considered

through a N →M loading sequence. More specif-
ically, axial compressive loading is applied first
through themain actuator, at a prescribed level. Subse-
quently, while the axial load is kept constant, bending
moment is gradually applied through the free hinges
by means of rotation-controlled conditions, activating
the two hydraulic cylinders, as shown in Figure 1. Dur-
ing the testing procedure, bending strain gauges are
implemented on circumferential positions, along the
tubular axis at cross sections a, b, c as shown in Fig-
ure 2. Moreover, 4 LVDTs are instrumented around
the tube circumference parallel to the tubular axes, in
order to measure the tube deflection.

3.2 Imperfection Measurements

Thickness measurements indicated that the actual
thickness of the tested specimens varies between
12.1mm and 13.83mm for specimens A, while for
specimens B the thickness values range between
9.90mm and 11.59mm. Thickness variation is mea-
sured at 8 points around several cross-sections along
the specimen longitudinal axis via an ultrasonic tech-
nique.
Initial wrinkling measurements were also per-

formed prior to the experimental procedure via
special-purpose equipment. Each specimen was
placed horizontally on the manual measuring device
as shown in Figure 3 and the tube wall wrinkling was
measured at specific points along 8 equally-spaced
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Figure 3. Imperfection measuring device.

generators. The maximum value of wrinkling ampli-
tude, recorded by the machine, is measured equal to
3.62% of the tube thickness (Pappa et al. 2012).
Residual stress measurements were also performed

in both the axial and the circumferential direction.
The measurements in the hoop direction follow the
“splitting ring” method, as specified inASTM E1928-
99, and resulted in an opening ring deformation (gap)
of 1.7mm, corresponding to a maximum hoop stress
equal to 122MPa (about 17% of the yield stress).
Furthermore, to estimate the residual stresses in the
axial direction, longitudinal strips have been extracted
from the tubes, and their curvature has been measured,
resulting in amaximumstress of 26MPa,which is only
4% of the yield stress (Pappa et al. 2012).

3.3 Experimental results

The experimental results are tabulated in Table 1. As
expected, the bending moment capacity is decreased
with the increase of axial loading. Moreover, section
A specimens present higher bending capacity than
section B specimens due to the larger value of their
cross sectional area. Indicative buckling shapes of
both groups are compared with the failure modes of
the finite element models as shown in the following
session.

4 FINITE ELEMENT SIMULATION OF TESTS

Nonlinear finite element tools have been employed
to simulate the above combined loading experiments.
The main purpose of this numerical simulation is the
calibration of the finite element models, to be used in
the extensive parametric study, described in the next
session.
The simulations are conducted with FE program

ABAQUS, and the finite element models are capa-
ble of describing large displacements and strains, as
well as inelastic effects through a J2 (von Mises) flow
plasticity model. The tube is simulated with four-node
reduced-integration shell elements, which have shown

Table 1. Experimental results.

Specimen Dnom (mm) tave (mm) N (kN) M (kNm)

A1 355.6 – 1345.0 891.5
A2 355.6 12.63 2563.5 701.0
A3 355.6 12.74 5127.0 382.4
A4 355.6 12.62 7690.5 104.0
B1 323.9 – 1003.0 575.8
B2 323.9 10.86 1990.3 500.7
B3 323.9 10.86 3980.5 208.5
B4 323.9 10.79 5970.8 76.4

to perform very well in nonlinear analysis problems
involving large inelastic deformations of relatively
thick-walled steel cylinders. Based on thickness mea-
surements, the tubes have been assumed with uniform
thickness equal to 12.5mm and 10.26mm for sections
A and B respectively.
Initial wrinkling is considered in the form of buck-

ling mode obtained through an eigenvalue analysis of
the specimen under bending conditions. The ampli-
tude of initial wrinkling is assumed equal to 2.6% of
the tube wall thickness, as a representative value in
accordance with the wrinkling measurements (Pappa
et al. 2012). Furthermore, residual stresses in hoop
direction have been considered as initial stresses of
the model in the form of a linear anti-symmetric dis-
tribution through the tube thickness with a maximum
value of 122MPa. Residual stresses in the longitudi-
nal direction are quite small and are neglected in the
numerical model.
The stiff tube segments which connect the specimen

ends to themachine hinges are simulated as rigidmem-
bers using appropriate beamelements.The shapeof the
buckle may not be symmetric with respect to both the
middle-section and the plane of bending, therefore,
the entire tube is simulated, without any symmetry
considerations.
The numerical analysis allows for the calculation

of bending strength under several levels of axial load,
in accordance with the experimental procedure; axial
load is applied first up to a certain prescribed level
and, subsequently, keeping the axial load constant,
bending is applied through an arc-length continuation
algorithm (Riks) until a maximum bending moment
is reached. Upon buckling formation, bending load
is continued in the post-buckling range to obtain the
buckled shape and compare with the experiments.
The end sections of the 1.5-meter-long tubular spec-

imen (sections C1 and C2 in Figures 4 & 5) are bolted
with the tubular member.Therefore, a “kinematic cou-
pling” technique is adopted, relating the degrees of
freedom of the shell nodes around a specific sec-
tion with the degrees of freedom of a fictitious node,
referred to as the “reference node,” located at the cen-
troid of the section under consideration. The entire
finite element configuration is simply supported at
both ends of the rigid segments D1 and D2.
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Figure 4. Schematic configuration of the numerical model
that simulates the experiments.

Figure 5. Test set-up and post-buckling configuration of
specimen A1.

The finite element results are compared in Fig-
ure 6 with the experimental data, in terms of
thrust-bending interaction curves. The comparison
shows that the numerical models provide very good
predictions of the axial-bending combined capacity
of the high strength steel tubular columns. Further-
more, the buckled shapes of the specimens obtained
numerically compare verywellwith the corresponding
buckled shapes observed in the experiments, as shown
in Figures 7 & 8.
It should be noted that for the purpose of conduct-

ing a consistent comparison between the numerical
and experimental results, the axial force and bending
moment (Figure 6) applied at the end hinges of the
experimental set-up through the testing machine, are
considered in the present simulations.

5 NUMERICAL PARAMETRIC STUDY

Finite element analysis has been conducted in order
to obtain buckling curves and interaction diagrams of
compression and bending. The geometric properties

Figure 6. Interaction diagrams; numerical results in com-
parison with the experimental data.

Figure 7. Buckled shape for the A4 specimen and FE
simulation.

of the tubular cross sections under consideration are
presented in Table 2 and the member length L ranges
from 1 to 14m. The tubular member is assumed sim-
ply supported. The material stress-strain curve used in
the present analysis represents a bilinear elastic-plastic
curve with yield stress equal to 590MPa and a post-
yield modulus equal to E/40, as measured in the high
strength steel coupon tests (Pappa et al. 2012). The
results are compared with the current design provi-
sions of EN-1993, API 2A-LRFD and AISC-LRFD.
Safety factors are excluded.

5.1 Stability curves

The buckling strength Nu of beam-columns in terms
of their flexural or column slenderness,
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Table 2. Geometric-mechanical properties.

Outer
Diameter Thickness σy

Section D (mm) t (mm) D0/t (MPa) Class*

AA 355.6 8 44.5 590 4
AB 355.6 12.5 28.5 590 3
AC 355.6 16 22.2 590 2

*According to EN-1993-1-1 classification.

Figure 8. Buckled shape for the B4 specimen in comparison
with the FE model.

where r is the radius of cross section inertia, so that

where χ (λC) = the buckling reduction function and
A= the cross sectional area.
Considering tube length between 1m to 14m, the

corresponding member slenderness ranges between
0.13 and 2.A combination of initial imperfections has
been imposed according to themeasurements reported
in session 3; the wrinkling amplitude is considered
equal to 2.6% of the tube thickness, and the residual
stresses are imposedwith amplitude of±122MPa, lin-
early distributed through the thickness. Finally, initial
out-of-straightness of L/750 is assumed according to
EN 1090-2.
The ultimate buckling loadNu is depicted in Figures

9-11. The buckling load is normalized by Ny = Aσy.
The stability curves are compared with the provisions

Figure 9. Finite element stability curve for section AA in
comparison with European and American provisions.

Figure 10. Finite element stability curve for section AB in
comparison with EN and American provisions.

of EN 1993,API RP-2A andAISC-LRFD. It should be
noted that according to EN 1993-1-1, the cross section
AA is classified as class 4 and therefore, EN 1993-1-6
has been used to obtain the cross-sectional strength
σxRk ; the value of σxRk replaces the yield stress σy
in equations (1) and (2). Because of the very small
values of initial wrinkles measured throughout the
experimental investigation, as reported in Section 3.2,
excellent fabrication conditions have been assumed
(quality factor (Q) equal to 40).
It appears that EN 1993-1-6 equations penalize sig-

nificantly section AA. The results are well correlated
with the stability curve proposed by API standard,
while the AISC is conservative by over 20% for all
slenderness values.
The stability curves ofAB andAC sections compare

reasonably well with the EN 1993 and API predic-
tions. For large values of member slenderness (λ ≥ 1)
EN 1993-1 underestimates by over 10% the buckling
strength. On the other hand, for intermediate values
of member slenderness, AISC seams to penalize the
buckling strength significantly.
As a conclusion, the EN 1993 and API provisions

appear to provide reasonable yet conservative esti-
mates for the buckling load of high strength steel CHS
columns.
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Figure 11. Finite element stability curve for section AC in
comparison with European and American provisions.

Figure 12. Buckled shape of 1m-long (stub) tube of section
AA under axial compression.

Figure 13. Buckled shape of 5m-long tube of section AA
under axial compression.

Furthermore, indicative buckled shapes due to axial
compression for short and long tubular members of
section AA are depicted in Figures 12–13.
It is observed that, in short members (0.1 ≤ λC ≤

0.3), local buckling occurs progressively while plastic
deformation is accumulated at the most critical region
of the tubewall.Themember does not deviate from the
longitudinal axis until the tube wall has been exces-
sively deformed. For intermediate and large values
of member slenderness, global (Euler type) buckling
occurs, and the member is suddenly deflected laterally
from the initial straight position.

Figure 14. Interaction diagrams for AA section in compar-
ison with current provisions.

As it is shown in Figure 13, in the case of long tubu-
lar members (λC > 0.5) the buckle shape commonly
consists of a single inward buckle perpendicular to the
longitudinal axis of the member.

5.2 Interaction diagrams

Interaction diagrams are developed for 5m and 8m-
long beam-columns under combined loading condi-
tions to obtain showing the ultimate moment capacity
of the tubular memberMu in terms of the level of axial
forceN . The reported values of moment correspond to
the moments applied at the two ends of the tubular
beam-column. The initial imperfections, the geomet-
rical and material properties adopted for this analysis
are similar to the ones described previously.
The axial load and bending moment values are nor-

malized with the values Ny =Aσy and My = Welσy,
whereWel is the elastic modulus of the cross-section,
representing the compressive and bending strength of
the cross section respectively.
The interaction diagrams are compared with the

curves proposed by design specifications as shown
in Figures 14 and 15. EN 1993 provisions (employed
herein with beam-column method 1) significantly
penalize the bending capacity of the tubular mem-
ber so that the bending strength is underestimated by
approximately 35% for bothAA andAB sections. The
reason is that these CHS members are classified as
class 4 and3, respectively, but the finite element results
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Figure 15. Interaction diagrams for AB section in compar-
ison with current provisions.

Figure 16. Buckled shape of 5m-long tube with sectionAB
under combined compression and bending.

indicate that the sections are capable of undergoing
significant inelastic deformation before reaching an
ultimate moment capacity. Moreover, AISC penal-
izes the bending strength by over 15%. Similarly, the
bending capacity is underestimated by API by more
than 18%. In addition, representative buckled shapes
obtained from the finite element models AA and AB
are shown in Figures 16 & 17.
It can be concluded that the current standards appear

to be rather conservative, especially the EN 1993 pre-
dictions mainly due to the “penalizing” classification
of CHS cross sections in EN 1993-1-1 (Pappa et al.
2012).

Figure 17. Buckle development in an 8m-long model with
section AA under combined loading.

6 CONCLUSIONSAND RECOMMENDATIONS

Using advanced numerical tools, supported by key
experimental data, the high-strength steel CHS beam-
column behavior has been examined, and compared
with current design practice.
Stability curves from EN 1993-1-1, API RP 2A,

provide reasonable yet conservative predictions for
design. On the other hand, AISC provisions for CHS
beam-columns appear to be more conservative. The
EN 1993 provisions penalize the buckling capacity of
high-strength steel CHS members of relatively small
thickness because they are classified as class 4, refer-
ring to EN1993-1-6 rules.This implies that the current
EN 1993 classification should be re-examined for
high-strength steel CHS sections.
Furthermore, the axial load-bending interaction

curves obtained by the finite element analyses indicate
significantly higher ultimate capacity with respect to
the design rules of the above specifications. In partic-
ular, EN 1993 rules penalize by a substantial amount
the pure bending strength mainly due to the conserva-
tive classification limits when applied to high-strength
steel CHS sections.
The above classification limits for axial andbending

loading in high-strength steel CHS sections are exam-
ined in detail in the companion paper (Pappa et al.
2012).
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Direct forming versus continuous forming, for cold-formed square
hollow sections

M. Sun & J.A. Packer
University of Toronto, Toronto, Canada

ABSTRACT: This paper compares the geometric and mechanical properties of square hollow sections manu-
factured in NorthAmerica by direct forming and continuous forming productionmethods. Square 152× 152mm
sections, produced by direct forming, continuous cold forming, and also with the latter subsequently stress-
relieved byheat treatment in accordancewithCanadian standards, are the basis of the comparison.Themechanical
properties compared are the overall compressive behaviour (via stub column tests), tensile behaviour and ductil-
ity in the flats and corners (via tension coupon tests), and notch toughness in the flats and corners as a function of
test temperature (via CharpyV-notch impact tests). It is shown that direct-forming, or “folding”, generally leads
to more favourable mechanical performance than continuous-forming, for square/rectangular hollow sections.

1 INTRODUCTION

Cold-formed structural hollow sections are most com-
monly manufactured internationally by a “continuous
forming” or “round-to-square” method, whereby steel
plate or coil strip is progressively bent into a circular
shape by passage through a series of pressure rolls,
then welded into a tube by means of an induction heat-
ing process. Further shaping of the tube into square or
Rectangular Hollow Sections (RHS) is then achieved
by additional flattening and cold-working, using still
more rolls. The final square or rectangular hollow sec-
tion contains high levels of residual stress throughout
its entire cross-section.An alternative production pro-
cess for cold-formed square and rectangular hollow
sections, practiced in some parts of the world, is the
so-called “direct forming”method,whereby steel plate
is bent only at four discrete points to form the corners
of the section and the shape is again closed by a con-
tinuous longitudinal seam weld. The cold-working in
this case is concentrated at the four corners.
In North America, Europe, Japan and Australia the

continuous forming process is used almost exclusively
(one exception beingBullMooseTube in theUSwhich
uses the direct-forming method). Recently, a research
project carried out by Shanghai Institute of Iron and
Steel Technology on high performance cold-formed
RHS resulted in the direct forming technique becom-
ing the dominant manufacturing method of large size,
cold-formed RHS in China. Mass production by this
method started from 2005, withmaximum dimensions
of 500× 500× 19mm, a maximum tensile strength
of 630MPa and a yield-stress-to-tensile-strength ratio
less than 0.8. Production was 14,758 tons in 2005, and
these RHS have been successfully used in the con-
struction of Olympic stadiums, railway stations, power
plants and bridges (MOST 2006).

With cold-formed RHS, depending on the amount
of cold working, the mechanical properties are some-
times substantially different from those of the steel
strip before forming. Cold working causes strain hard-
ening of the steel material hence its yield stress and
tensile strength increase while its ductility decreases.
RHS of nominally similar geometries may exhibit
different structural behaviours due to different strain
histories and thermal actions experienced during
production. The influence of cold working on the
mechanical properties of structural steel and stain-
less steel sections has been studied extensively in
the past and models have been developed to esti-
mate the change in the material properties, but direct
comparisons between cold-formed RHS produced by
different manufacturing methods are scarce. In this
paper, the mechanical properties of RHS manufac-
tured in North America by these direct forming and
continuous forming methods are compared through a
series of investigations.

2 TEST SPECIMENS

An experimental study comprising geometric mea-
surements, stub column tests, tensile coupon tests and
Charpy V-notch impact tests on material from various
locations around RHS specimens has been carried out
at the University of Toronto Structural Testing Facil-
ities and a metal testing laboratory in Ontario. The
nominal sizes and manufacturing standards for the
four RHS examined are summarized in Table 1. Spec-
imens DF#2, CF#1 and CF#2 have the same nominal
dimensions to enable the effects of cold-working on
their corner (and overall) properties to be directly com-
pared. CF#1 and CF#2 were made from the same steel
material, while CF#2 was subsequently stress-relieved
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Table 1. Manufacturing information for test specimens.

RHSID RHS designation Manufacturing standard/grade Manufacturing method

DF#1 152× 152× 8mm N/A (Domex) Direct-forming
DF#2 152× 152× 13mm CAN/CSA-G40.20-04/G40.21-04 Gr. 50W Class C Direct-forming
CF#1 152× 152× 13mm CAN/CSA-G40.20-04/G40.21-04 Gr. 50W Class C Continuous-forming
CF#2 152× 152× 13mm CAN/CSA-G40.20-04/G40.21-04 Gr. 50W Class H Continuous-forming and heat treated

Figure 1. Thickness and corner radius measurement
locations.

by heat treatment in accordance with Canadian stan-
dards for “Class H” finishing (heated to a temperature
of 450◦C or higher, followed by cooling in air) (CSA
2004). The inclusion of DF#1 (direct-formed, thin-
walled, high-strength RHS) enabled a comparison of
its mechanical properties with the other three RHS
with differentwall thicknesses and strength properties.
Also, the effect of residual stresses due to direct-
forming could be further demonstrated, in conjunction
with DF#2.

3 GEOMETRICAL MEASUREMENTS

One stub column from each of the four RHSwasmade,
in accordance with accepted criteria for the prepara-
tion of stub columns (Ziemian 2010). The lengths of
the stub columns were chosen to be 0.5 metres so that
they were sufficiently short to preclude global mem-
ber buckling when compressed, but sufficiently long
to contain the same initial residual stress pattern as a
much longer member cut from the same stock. Prior
to testing the specimens, each was subject to care-
ful geometrical measurement. For each specimen, the
width of all four sides, the thickness at 16 different
locations, and the outside and inside corner radii of
all four corners of the section were measured. The
measurement locations of thickness and corner radius
are shown in Figure 1. The differences between the
measured and nominal thickness for the four RHS are
shown in Figure 2. The average measured width, the
average measured thickness and the measured cross-
sectional area were recorded and these are compared
to the nominal values in Table 2. The cross-sectional
area of each stub columnwasobtainedbyweighing and
using a steel density of 7850 kg/m3 (CISC 2010). The

Figure 2. Measured andnominal thickness difference (mm).

Table 2. Nominal and measured dimensions of RHS
specimens.

Specimen dnom davg tnom tavg Anom A
ID mm mm mm mm mm2 mm2

DF#1 152 153.5 7.95 8.252 4430 4662
DF#2 152 152.4 12.7 12.54 6680 6678
CF#1 &#2 152 151.9 12.7 12.73 6680 6565

cross-section of each specimen was scanned and put
intoAutoCAD so that three-point arcs could be drawn
to fit the outside and inside surfaces all corners, and
the corner radii were then determined by measuring
the radii of these arcs. The measured outside corner
radii and inside corner radii of all four specimens are
normalized to their corresponding average measured
thicknesses in Table 3. The dimensions of CF#1 and
CF#2 are the same since they were cut from the same
tube.
According to Figure 2, there is considerable vari-

ation in thickness among different locations on the
cross-section of the RHS examined. The continuous-
formed RHS (CF#1 and #2) have regular thickness
variation patterns around the section with corners
being thicker than the flat faces, while for the two
direct-formed RHS (DF#1 and #2) the two corners
adjacent to the weld seam are thicker than the rest of
the section.
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Table 3. Normalized corner radii.

Location 3 Location 7 Location 11 Location 15 Average
Specimen

ID ro/tavg ri/tavg ro/tavg ri/tavg ro/tavg ri/tavg ro/tavg ri/tavg ro/tavg ri/tavg

DF#1 2.20 1.28 1.65 1.13 1.87 0.74 1.85 1.30 1.89 1.11
DF#2 1.84 0.73 1.99 0.42 2.04 0.65 1.89 0.95 1.94 0.69
CF#1&#2 2.97 1.61 2.29 1.34 2.26 1.13 1.73 1.07 2.31 1.29

*Measurement locations as per Figure 1.

In Table 3, the “average ro/tavg” values for all RHS,
ranging from 1.89 to 2.31, are within the typical
scatter previously found for cold-formed sections in
NorthAmerica (Packer & Frater 2005). In general, the
two direct-formed RHS have lower “measured corner
radius/measured thickness” values than those of the
two continuous-formed RHS. For some particular cor-
ners (e.g. location 7 of DF#2), the inside surfaces were
severely cold-worked to very small corner radii and the
centres of curvature for the inside and outside radii
were found to be far from each other when measured
inAutoCAD.The fact that location 7 of DF#2was bent
to such a small ri/tavg value of 0.42 is likely to cause
the local mechanical properties to differ from other
parts of the section and hence invite corner-cracking
problems, especially evident if subjected to hot-dip
galvanizing.

4 COMPRESSION BEHAVIOUR

Stub column compression tests were performed on
each RHS in accordance with accepted international
standards (Ziemian 2010). Each stub column was
instrumented with 5mm long strain gauges oriented
longitudinally at the mid-height of each tube face and
Linearly Varying Displacement Transducers (LVDTs)
to ensure proper alignment.
The stress-strain curves, together with their propor-

tional limits, for all four stub column specimens, are
shown in Figures 3–6. The stress-strain curves of the
three RHS with the same nominal wall thickness of
12.7mm (DF#2, CF#1 and CF#2) are then normal-
ized by their “2% offset yield stress” for comparison
in Figure 7. Table 4 summarizes the test results.
The stress-strain curves in Figure 7 and the data in

Table 4 show that:

1. The continuous-formed Class C RHS, CF#1, starts
to yield (reaches its proportional limit) at a very
early stage (27% of yield load) since it has the high-
est level of residual stress among the three RHS,
due to the severe cold-working throughout its entire
section.

2. The direct-formed RHS, DF#2, contains an inter-
mediate level of residual stress since the cold-
working is concentrated only at the four corners,
and the proportional limit is at 47% of the yield
load.

Figure 3. Stub column test results forDF#1 (Direct-formed;
high strength steel).

Figure 4. Stub column test results forDF#2 (Direct-formed;
Class C).

3. The continuous-formed Class H RHS, CF#2, has
the lowest level of residual stress, and the propor-
tional limit is at 69% of the yield load.

4. The continuous-formed Class C RHS, CF#1, has
a clear strain-hardening stage which also indi-
cates that it experienced the largest amount of
cold-working during the manufacturing process.

5. The “direct forming” or folding manufactur-
ing process produces a square/rectangular hol-
low section with a compression capacity which
is mid-way between that of a “continuous-
formed” cold-formed section (CSA Class C)
and a “continuous-formed” cold-formed+ stress-
relieved section (CSA Class H). Note that DF#2
and CF#1/#2 were chosen so that the “corner area”
represented a significant portion of the gross area,
to emphasize the corner properties.
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Figure 5. Stub column test results for CF#1 (Continuous-
formed; Class C).

Figure 6. Stub column test results for CF#2 (Continuous-
formed; Class H).

Figure 7. Normalized stub column test results for DF#2,
CF#1 and CF#2.

Table 4. Stub column test results.

Nominal Measured

Specimen Min. specified yield stress Stress at 0.2% strain Max. stress Proportional limit (Proportional limit) /
ID MPa MPa MPa MPa (stress at 0.2% strain)

DF#1 690 766 801 330 0.43
DF#2 345 530 580 250 0.47
CF#1 345 590 659 160 0.27
CF#2 345 580 614 400 0.69

5 TENSILE BEHAVIOUR

The tensile behaviour and ductility of the investi-
gated direct-formed and continuous-formedRHSwere
obtained through tensile coupon tests. The coupons
had a gauge length of 50mm and the tests were
performed in accordance with ASTM A370 (ASTM
2009). For each of the four RHS, three tensile coupons
were machined from the three flat faces away from the
weld (from locations 1, 5 and 13 in Figure 2) and three
corner coupons were also extracted (from locations 3,
7 and 11 in Figure 2) in order to examine the influence
of the highly localised cold work. The cross-sectional
area of the test region in the coupons from the corners
was determined by weighing and using a steel density
of 7850 kg/m3 (CISC 2010).
The tensile coupons curved after being cut from

the RHS since the residual stresses due to longi-
tudinal continuity were relieved. Of all the tensile
coupons, those from the continuous-formed Class C
RHS (CF#1) curved the most since they contained the
highest level of residual stress. The curved coupons
were straightened forcibly for the purpose of: (i) fitting
them into the universal testingmachine, and (ii) restor-
ing their original straight shape so that their in-situ
tensile behaviours could be studied.
The average elongations of the flat coupons and

corner coupons at failure are shown in Figure 8. The
tensile stress-strain curves are shown in Figures 9 to
12. In all cases the two highest curves represent the

Figure 8. Average elongation of tensile coupons at failure.
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Figure 9. Tensile coupon test results for DF#1
(Direct-formed; High strength steel).

Figure 10. Tensile coupon test results for DF#2
(Direct-formed; Class C).

Table 5. Tensile coupon test results.

Specimen Fy,nom Fu,nom Fyavg,f Fuavg,f Fyavg,c Fuavg,c
ID MPa MPa MPa MPa MPa MPa

DF#1 690 N/A 723 779 770 807
DF#2 350 450 427 522 615 649
CF#1 350 450 457 599 590 676
CF#2 350 450 483 606 570 637

two corner test locations. Key results from all ten-
sile coupon tests are summarized in Table 5. The yield
stress is determined by the 0.2% strain offset method.
It can be seen from the test results that:

1. From Figure 8, the flat face is much more ductile
than the corner for direct-formed RHS (DF#1 and
#2), while for continuous-formed RHS (CF#1 and
#2) the difference is minor.Also, the heat treatment
is effective in bringingback the ductility of the cold-
formed RHS.

2. Similar post-yield stress-strain relationships were
observed for the corner coupons from the two cold-
formed regular strength RHS (DF#2 and CF#1) in
Figures 10–11 as expected, since the final effective
strain in the corner from the continuous-forming
method is theoretically the same as that from
the direct-forming method, although the former is

Figure 11. Tensile coupon test results for CF#1
(Continuous-formed; Class C).

Figure 12. Tensile coupon test results for CF#2
(Continuous-formed; Class H).

accumulated from two steps (flat sheet to circular
section, then to square section). Unlike DF#2, the
stress-strain curves of the flat coupons are close
to those of the corner coupons for CF#1 since
the whole section experienced a similar amount
of cold-working during the continuous-forming
process.

3. According to Figures 11–12, the heat treatment was
effective in relieving the residual stress. The pro-
portional limits of all five tensile coupons from
the Class H RHS (CF#2) are much higher than
those from its Class C counterpart (CF#1).The ten-
sile coupons from CF#1 reached their proportional
limits at such early stages since they curved longi-
tudinally the most of all coupons, thus they were
already highly stressed in flexure before loading
due to the straightening process.

6 CHARPYV-NOTCH IMPACT BEHAVIOUR

Another very important material property is the notch
toughness, which is defined as the ability of a material
to absorb energy in the presence of a sharp notch, often
when subjected to an impact load. Notch toughness
can be measured by a variety of test methods. The
Charpy V-notch (CVN) impact test procedure is one
of the most widely used and it can bring out the notch
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behaviour (brittle versus ductile) of a test specimen by
applying a single overload of stress. The low cost and
simplicity of the CVN test have made it a common
requirement in international codes and standards for
dynamically loaded structures.
Charpy V-notch investigations on manufactured

hollow structural steel sections have also been con-
ducted to establish methods for the choice of ductile
material to avoid brittle fracture and CVN toughness
requirements have been made more explicit in some
hollow section manufacturing specifications (CEN
2006; CSA 2004). For RHS, it is usually specified that
the standardCVNspecimen shall be taken from the flat
face of the section, away from the weld, and that the
orientation shall be longitudinal to the RHS. However,
according to previous research (Kosteski et al. 2005;
Wardenier et al. 2010), CVN specimens with this stan-
dard orientation generally lead to the most optimistic
notch toughness result for the cross section. It has been
suggested that alternate specimen locations should be
considered for dynamic loading situationswhere notch
toughness is a design criterion.Hence, a comparison of
CVN test results of specimens from the four examined
RHS has been made. The objective was to generate
the complete toughness-temperature transition curves
between −30◦C and 20◦C, for specimens sampled
from various cross-section locations (flat face, corner
and weld seam) with different specimen orientations
(longitudinal and transverse) and notch face exposures
(interior and exterior face of RHS).
A total of 216 full-sized (10× 10× 55mm) and

54 sub-sized (10× 5× 55mm) rectangular beam-type
specimens, with a 2 mm deepmachined notch of spec-
ified geometry as per ASTM A370 (ASTM 2009),
were made from the four RHS. For the three RHSwith
a nominal wall thickness of 12.7mm (DF#2, CF#1
and CF#2), full-sized specimens with a notch paral-
lel to the RHS surfaces were made, since specimens
with a through thickness notch orientation would not
effectively exploit the toughness difference between
the flat face versus the corner of the RHS, accord-
ing to previous research (Dagg et al. 1989; Soininen
1996). For the RHS with a nominal wall thickness of
8mm (DF#1), sub-sized specimens were made since
the RHS is not thick enough for full-sized specimens,
and the notches are perpendicular to the RHS surface
because the notches have to be on the narrow face of
the sub-sized CVN specimens according to theASTM
specification (ASTM 2009).The cutting locations and
orientations of the specimens are listed in Table 6.
A pendulum-type “Riehle” impact tester with a 325

J direct reading scale was used to perform all the CVN
impact tests. The tester passed the Charpy machine
qualification program conducted by theNational Insti-
tute of Standards and Technology (NIST) before the
tests. In order to further ensure the quality of actual
tests, 10 self-verification specimens (five low-energy
ones and five high-energy ones) supplied by NIST
were used to check the calibration of the tester and
the results were consistent with the expected val-
ues provided by NIST. The specimens were cooled

Table 6. Sampling locations and notch orientations of CVN
specimens.

Location Sub-sized specimens Full-sized specimens

A Flat face Flat face
B Corner – notch through Corner – notch out

thickness
C Weld HAZ – transverse Weld HAZ – transverse
D N/A Corner – notch in

Figure 13. Charpy test results for DF#1 (Direct-formed;
High strength steel).

Figure 14. Charpy test results for DF#2 (Direct-formed;
Class C).

by a “Revco” freezer and an additional thermome-
ter was used to ensure the accuracy of the intended
temperature.
Figures 13–16 give the toughness-temperature tran-

sition curves for the four RHS. The 27 J energy
absorption requirement for full-sized Charpy speci-
mens specified by EN 10219 grade S355J2H (CEN
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Figure 15. Charpy test results for CF#1 (Continuous-
formed; Class C).

Figure 16. Charpy test results for CF#2 (Continuous-
formed; Class H).

2006) is shown in Figures 14–16 for reference pur-
poses. The 13.5 J line is used in Figure 13 since the
sub-sized specimens have half of the cross-section of
the full-sized ones.
Three replicate specimens were tested at each tar-

get temperature and the average result was used to plot
the toughness-temperature point because of the inher-
ent scatter of CVN test results. Some specimens from
DF#2 did not break at 20◦C (room temperature), 10◦C,
0◦C and −10◦C, therefore the tester capacity (325 J)
has been used to plot these points. It can be seen on
these figures that:

1. The Charpy results from the flat face and corner of
DF#1 are similar in Figure 13. It is possible that
since the notches of the sub-sized specimens have
to be perpendicular to the RHS surface, as per spec-
ification, that this notch characterizes the average
through-thickness material properties of the RHS
and thus does not effectively capture the toughness
differences between the flat face versus the corner.

2. Comparing the two cold-formed regular strength
RHS with the same nominal thickness, a large dif-
ference between the Charpy results from the flat
face and the corner of DF#2 was observed in Fig-
ure 14, especially when the testing temperature was
low, since the flat face of DF#2 experienced little

cold-working during the direct-forming manufac-
turing process. As expected, CF#1 does not have
such a difference in Figure 15.Also, direct-forming
produces somewhat better corner Charpy values
than continuous-forming, at low test temperatures.
For the two corners (locations B and D) below
−20◦C, the energy absorption values are 145 J and
105 J for DF#2, and 130 J and 27 J for CF#1. Due
to the material properties in the heat-affected zone
(HAZ) and the sampling orientation (transverse to
the direction of rolling), the Charpy results for loca-
tion C have a wider scatter than the other locations
and some extremely low values can be seen at rel-
atively high temperatures. The Charpy curve of the
HAZ of CF#1 is relatively smooth while that of
DF#2 has a sudden drop when the temperatures
are low.

3. Each of the 10× 10mm CVN specimens taken
from the middle of the wall thickness at loca-
tion B of DF#2, CF#1 and CF#2 has the 2mm
deep notch facing the outside surface of the RHS,
thus it contains more compressive residual strain
over the critical cross-section (8 x 10mm) of the
specimen due to cold-forming. Likewise, CVN
specimens from location D of DF#2, CF#1 and
CF#2 contain more tensile residual strain over their
critical cross-sections. It seems that tensile resid-
ual strain has a negative effect on the Charpy
impact toughness property since the test results
from CVN specimens with the notch facing the
inside surface are in general higher than those of
the specimens with notch on the opposite side.
This phenomenon was observed in the continuous-
formed RHS (CF#1, CF#2) tested herein and in a
previous investigation (Kosteski et al. 2005), but
was not as significant in the direct-formed RHS
(DF#2) possibly due to: (i) the inherent scatter of
CVN test results, or (ii) the fact that the direct-
forming process may produce better corner Charpy
values than continuous-forming.

4. According to Figure 15–16, moderate heat treat-
ment can reduce the Charpy toughness of a cold-
formed section.

7 CONCLUSIONS

This paper performed geometrical measurements on
RHS manufactured by different cold-forming meth-
ods and the compression, tensile and Charpy V-notch
impact behaviours of these RHS were examined. The
following conclusions, which are limited to the RHS
tested so far, are drawn from this work:

1. The continuous-forming method produces RHS
with a regular thickness variation pattern in which
the corners are thicker than the flat faces, while
the direct-forming method produces RHS with the
two corners adjacent to the weld seam thicker than
the rest of the section. The corner radii of direct-
formed RHS are generally smaller than those of
continuous-formed ones.
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2. Direct-formed RHS has a compression behaviour
mid-way between continuous-formed Class C
(cold-formed) and Class H (cold-formed + stress-
relieved) sections. The difference in compression
behaviour between direct- and continuous-formed
Class C RHS members may become greater as
the b/t ratio increases. The authors are conducting
further work to investigate this hypothesis.

3. The flat face of direct-formed RHS has better duc-
tility than that of continuous-formed Class C and
Class H sections. The corners of direct-formed
and continuous-formed Class C RHS have similar
tensile behaviours.

4. Except for the weld HAZ, direct-formed RHS has
better Charpy toughness around the section than
continuous-formed Class C and Class H sections.

8 NOTATIONS

A measured cross-sectional area
Anom nominal cross-sectional area
dnom nominal width of RHS
davg average measured width of RHS
Fyavg,c average yield stress of corner of RHS
Fuavg,c average ultimate stress of corner of RHS
Fyavg,f average yield stress of flat face of RHS
Fuavg,f average ultimate stress of flat face of RHS
Fy,nom nominal yield stress of RHS
Fu,nom nominal ultimate stress of RHS
ri inside corner radius
ro outside corner radius
tavg average measured wall thickness of RHS
tnom nominal wall thickness of RHS
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Avoidance of brittle fracture of cold-formed hollow sections by appropriate
choice of steel material
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ABSTRACT: European cold-formed hollow sections in general exhibit better toughness properties than
required by EN 10219. However, limits in applying the toughness related rules for the choice of steel mate-
rial in EN 1993-1-10 to cold-formed hollow sections still constitute barriers to free marketing. By requests
from European producers a conservative assessment procedure has been developed which is based on tough-
ness measurements and a concept using effective strains. Due to the cold-forming process such plastic strains
may occur in the bent areas of the profiles associated with a noticeable reduction in material toughness. For
the degradation of these toughness properties an appropriate temperature shift �Tcf has been derived for both
circular and rectangular hollow sections. In order to guarantee the proper application of this temperature shift
Table 2.1 in EN 1993-1-10 had to be extended to lower temperatures down to −120◦C.

1 INTRODUCTION

The design rules in EN 1993 for steel structures are
based on ductile material behavior that is controlled
by the upper-shelf toughness behavior of steels in
the toughness-temperature diagram. However, brit-
tle failure of steels may be possible where triax-
ial stress states, for instance stemmed from sharp
notches like flaws or cracks, extremely low temper-
atures and stresses from external loads and inter-
nal restraints come together and form an accidental
fracture mechanical limit state scenario. Therefore,
EN 1993-1-10 provides rules for the choice of steel
material to avoid brittle failure of steel structures.
Sufficient reliability of these rules is achieved by
a mathematical model using a fracture mechanics
approach calibrated to large-scale fracture tests of
plated specimens.
The rules for cold-formed steel given in EN1993-1-

10 are limited and not sufficient for the specific case of
cold-formed hollow sections. High degrees of plastic
strain arise in the bent areas of the sections through-
out the production process and result in a noticeable
reduction of toughness. Due to the absence of experi-
ments representing the fracture mechanical behavior
of welded hollow sections at low temperatures this
drawbackwas overcome by introducing a conservative
approach.
The selection of an adequate steel grade is based

on an appropriate temperature shift �Tcf to account
for the loss of material toughness and thus required
the extension of Table 2.1 in EN 1993-1-10 to tem-
peratures down to −120◦C. Two different methods

have been examined and revealed reasonably consis-
tent temperature shifts for circular and rectangular
cold-formed hollow sections:

– A non-experimental method using the concept of
effective strains (approach no. 1) where the cold-
forming effects are determined on the basis of
the procedure in EN 1993-1-10 for base material
delivered according to EN 10025.

– An experimental method using the results of
Charpy-V-impact tests (approach no. 2) carried out
with cold-formedhollow sections delivered accord-
ing toEN10219 taking account of the production of
hollow sections and the location of test specimen.

The evaluation of the results of the experimental
tests exposed a significant influence of the toughness
quality of the parent material used for cold-forming. It
was revealed that the toughness quality of the eval-
uated European steel is far better than required by
EN 10219. Moreover, the measured toughness data
matches the statistical background of the fracture
mechanics test population on which EN 1993-1-10 is
based.As approach no. 2 was verified for a limited test
population of S355J2H-steel, its primary purpose was
to confirm the results of approach no. 1 that turned out
to be the relevant one applicable to all sizes and steel
grades.
The paper is based on the JRC-Report “Choice

of Steel Material to avoid Brittle Fracture for Hol-
low Section Structures – Addition to EN 1993-1-10”
(Feldmann et al. 2011) prepared by RWTH Aachen
University, Institute for Steel Structures.
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Figure 1. Maximum permissible values of element thick-
ness in [mm], Table 2.1 from EN 1993-1-10.

2 SELECTION OF STEEL MATERIAL

2.1 Basics of EN 1993-1-10

The design rules for the choice of steel material in
order to avoid brittle fracture given in Eurocode 3,
Part 1–10 are related to welded structures made of
plates, hot rolled profiles and rolled sections accord-
ing to EN 10025.The main conclusion of this standard
is Table 2-1 which is reprinted in Figure 1. This table
allows to choose the base material for fabrication with
adequate toughness by limiting an admissible plate
thickness depending on

– the steel grade and minimum T27J-value,
– the applied temperature TEd down to −50◦C and
– the utilization rate σEd/fy, where σEd is the service
stress under the “frequent” load combination.

The background ofTable 2.1 is a fracturemechanics
analysis where the fracture toughness is related to the
Charpy energy CVN by using Wallin’s Master Curve
Approach (Wallin 1999) and the Sanz-correlation
(Marandet & Sanz 1976), by which the temperature
T27J is correlated to the temperature TK100 where a
fracture toughness of 100MPa ·m1/2 is reached in a
small-scale fracture mechanic test.
Pre-straining effects from cold-forming can be

accounted for by applying an appropriate temperature
shift �Tcf to the reference temperature. A safe sided
estimation for �Tcf is computed according to equa-
tion (1) where εcf is the plastic strain resulting from
the degree of cold-forming. In EN 1993-1-10 equation
(1) is limited to plastic strains εcf ≤ 10%.

For plastic strains εcf smaller than 2% no temperature
shift �Tcf has to be applied. In case of stress relief
heat treatment equation (2) can be used.

Figure 2. Determination of the safety element �TR for
DECT-plates (double edge cracked plate tension specimen).

The complete temperature based verification format
in EN 1993-1-10 reads:

2.2 Validation of the fracture mechanics model

Table 2.1 in EN 1993-1-10 contains an inherent safety
element�TR,nom = −7Kwhich has been evaluated by
a large number of tests with pre-cracked specimens
calibrated to nominal values fy and T27J according to
the material standard EN 10025.
In Figure 2 the probability distribution of the dif-

ferences bi between the temperature Texp,i and the
temperature Tcalc,i are plotted on Gaussian paper with
Texp,i designating the test temperature at which the fail-
ure of test specimenwas brittle andTcalc,i indicating the
computed temperature determined from the fracture
mechanicsmodel to predict failure of the test specimen
with input frommeasuredmaterial data.The following
conclusions can be drawn:

1. The calculable and experimental values fitwell.The
tangent to the dotted distribution line nearly hits the
point (b= 0, m). Hence, for measuredmaterial data
the theoretical model can be used with the safety
element �TR,meas = 0K to determine the expected
(mean) values of temperature for fracture.
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2. In applying the Eurocode definition of design val-
ues the safety element for ULS-verification related
to the use ofmeasured valuesT27J and fy is obtained
on the level

which gives a safety element �T̄R = +38K.
3. Whenmaterial data fromproduct standards are used
the evaluation shows a scatter band of deviations
from nominal values in the range of ∼90K. The
material’s high quality is revealed by a tempera-
ture shift of about��TR = −45K representing the
positive effect of differences between actual values
and nominal values for T27J and fy as specified in
EN 10025.

4. Therefore, the safety element �TR related to the
use of nominal values of T27J and fy is �TR,nom =
−45K+ 38K= −7K.

5. �TR,nom = −7K has also been justified by the eval-
uation of further test results withwelded details and
thus has been adopted for any fracture mechanical
assessment related to nominal material properties.

Further background information can be taken from
(Sedlacek et al. 2008).

2.3 Basis for extending the method in
EN 1993-1-10 to cold-formed
hollow sections

The method in EN 1993-1-10 to cope for effects of
cold-forming is limited to the following:

– The linear relationship given in eq. (1) and eq. (2)
respectively is limited by a certain degree of cold-
forming DCFmax = εcf = 10%.

– The validity of the Master-Curve-Concept is
calibrated by standard Charpy-V-test-samples of
10× 10× 50mm.

– The distribution of the degree of cold-forming
across the section of the test specimen is assumed
to be constant.

The basis for the extension of the existing rules to
cold-formed hollow sections is:

– Evaluations on structural steel S355J2 indicate no
significant change of the notch impact energy with
increasing degree of cold-forming higher than 15%
(Steel 1992), see Figure 3.

– In the case of cold-forming by bending the strain
distribution varies over the cross section from
tension to compression, see estimation for εpl in
Figure 4.

Furthermore, it is assumed that

– strains from tension and compression have equal
effects to temperature shifts �Tcf because of the
increase of dislocation density and

– the effect of unequal strain distribution over the
critical cross section of the sample for notch impact
tests is equivalent with the effect of the mean strain
value of the distribution, see Table 1.

Figure 3. Change of T27J- and T40J-values by cold-forming
for S355J2 (DCF= degree of cold-forming).

Figure 4. Geometrical definition of εpl by cold-forming,
linear approach.

Table 1. Derivation of εff .

3 METHODS TO DETERMINE THE
ADMISSIBLE PLATE THICKNESS OF
HOLLOW SECTION STRUCTURES

Theminimum toughness values specified in EN10219
are identical with the values given in EN 10025. Any-
how, Table 2.1 of EN 1993-1-10 cannot be directly
applied to cold-formedweldedhollowsections accord-
ing to EN 10219 as the distribution of these material
properties is not sufficiently specified to determine an
admissible plate thickness. For circular cold-formed
sections theminimum toughness values are guaranteed
along thewhole perimeter of the cross section, for rect-
angular sections the toughness values are guaranteed
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in the flat parts only. As material tests in the cold-
formed (bent) area are not provided in EN 10219-1 in
section 5.2 – Options, a deeper look into magnitudes
and distributions of material properties of the products
of EN 10219 is required.
Rectangular and circular tubes in general are pro-

duced from hot-rolled strip delivered to EN 10025,
EN 10111 or EN 10149 by continuous roll-forming
in combination with electric welding or submerged
arc welding. The major production process for circu-
lar tubes is “direct forming” where the properties of
the roll-formed and welded product are influenced by
the degree of cold-forming. For rectangular sections
“universal forming” is applied bymost producers.This
two-part process involves the forming and welding of
a round tube with equivalent diameter followed by the
shaping of the round tube to the desired rectangular
cross section in a second step. In this case the degree
of cold-forming at the flat face is roughly 2x the degree
of cold-forming for the equivalent round tube.
Actually, fracture mechanics tests with welded

large-scale test specimens according to the procedure
as carried out for justifying EN 1993-1-10 would be
recommended for the determination of the toughness
related effects due to cold-forming. Since such tests
are not available two different approaches shall clarify
the following questions:

1. Is the statistics of differences between the mea-
sured material data T27J and the nominal values
T27J as specified in EN 10219 different to the
statistics related to the values in EN 10025 or
does��TR = −45Kalso apply tomaterial accord-
ing to EN 10219 that give the safety element
�TR = −7K, cf. section 2.2?

2. Is it necessary to apply the temperature shift
�Tcf = −3 · εcf or is the temperature shift �Tcf
already included in the difference ��TR deter-
mined by testing the material properties of the fin-
ished cold-formed profiles, which include already
all effects of cold-forming?

Approach no. 1 does not consider any material
testing of cold-formed sections and is a safe-sided
estimate on the basis of properties of the parent mate-
rial according to EN 10025. ��TR = −45K and
�Tcf = −3 · εcf are applied together with the concepts
of effective strains to consider the various steps of the
production process. It is assumed that the mean value
of strain in the critical cross section of the Charpy-V-
specimen is the effective strain (seeTable 1) equivalent
to a uniformly distributed strain as supposed in the for-
mula for�Tcf . Approach no. 1 is used to compare the
results with the more convenient approach no. 2
Approach no. 2 considers material data from

Charpy-impact tests of cold-formed sections to derive
the temperature shift�Tcf necessary to applyTable 2.1
of EN 1993-1-10. Such data were used to establish
a relationship between the measured T27J-values at
the critical corners and the nominal values of T27J
in the flat face of the cross-sections as specified in
EN 10219. Since the data in the corner regions and

Table 2. Effective strain εeff [%] for different ri/t-ratios for
circular cold-formed hollow sections.

t [mm]

ri/t [–] 6 10 16 20 30 40

5 2,73 4,55 3,86 4,55 6,06 6,82
10 <2 2,38 2,02 2,38 3,17 3,57
15 <2 <2 <2 <2 2,15 2,42
≥20 <2 <2 <2 <2 <2 <2

Table 3. Temperature shift�Tcf [K] for different ri/t-ratios.

t [mm]

ri/t [–] 6 10 16 20 30 40

5 8 14 12 14 18 20
10 0 7 6 7 10 11
15 0 0 0 0 6 7
≥20 0 0 0 0 0 0

also the data in the flat face region both contain a
certain amount of cold-forming, only the differences
of the measured data between those regions can be
identified. Therefore, measured toughness properties
including cold-forming effects need corrections to
eliminate impacts of the strain gradients across the
wall thickness, of the position of the CVN-test spec-
imen in the wall and of the change of triaxiality of
the stress statewhen sub-sizedCharpy-specimens have
been used.

4 CIRCULAR SECTIONS

Since there are no toughness data for circular cold-
formed hollow sections, only approach no. 1 has been
applied. The maximum plastic strain εpl for circular
hollow sections can be taken from equation (5), cf.
Figure 4.

where ri is the inner radius and t is the plate thickness.
According to the criterion εpl ≤ 2% given in EN 1993-
1-10 cold-forming effects could roughly be neglected
for circular sections with ri/t≥ 25. In this case Table
2.1 may be used without modifications.
More accurate limits are determined considering

the combination of equation (5) and the equations for
εeff as given inTable 1.The resulting values for εeff and
the temperature shifts�Tcf calculated by equation (1)
for variousmaterial thickness t and ri/t-ratios are given
inTable 2 andTable 3. For cross sections with ri/t> 15
cold-forming effects may be neglected, otherwise the
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Figure 5. Steps of cold-forming in the corner parts of
the rectangular cross section produced by the “universal
forming” process.

�Tcf -values are in the range of 6K to 20K depending
on the plate thickness t.

5 RECTANGULAR SECTIONS

5.1 Approach no. 1

Correction factors �Tcf for the feed material have
been determined for both the flat and the bent areas
of the rectangular sections. As the�Tcf -factors in the
bent areas are relevant the evaluation of the analo-
gous values for the flat parts is not presented here. The
strain-time history of the cold-forming process for the
corners is given in Figure 5.
It is obvious that the effective strain in the cor-

ner area from “universal forming” is accumulated
from two steps and has the same amount as from
“direct forming”.According to Figure 4 the maximum
εpl-values at the surface can be computed with the
specifications in EN 10219-2,Annex B.3 for the inner
radius ri and the plate thickness t in the corners. The
effective strains may be determined with the defini-
tions in Table 1 and the temperature shifts �Tcf are
calculated by using equation (1), see Table 4. Con-
servative temperature shifts �Tcf are obtained when
lower bound values for the inner radii ri from exploit-
ing tolerances are used. These results are illustrated in
Figure 6 together with the data from Table 4.
For nominal values of ri and t≤ 16mm the mean

value �Tcf is 30K. A safe-sided value �Tcf = 35K
has been chosen to have a constant value without con-
sidering thickness effects within the given limits. The
most conservative value for all thicknesses consider-
ing toleranceswould be�Tcf = 45K.This preliminary
temperature shift requires the extension of Table 2.1
of EN 1993-1-10 which is limited to temperatures
+10◦C/−50◦C. Anyhow, the new input temperature
TEd* to Table 2.1 could be determined according to
equation (6)

This new temperature shift will be verified by the
experimental approach no. 2.

Table 4. Plastic strain εpl [%], effective strain εeff [%] and
temperature shift �Tcf [K] for nominal radii in the corner
regions of rectangular hollow section acc. to EN 10219.

t [mm] ri εpl (Figure 3) εeff �Tcf

t≤ 6 1,0 · t t/(2t+ t)= 33,3% 10% (t= 6) 30,0
6< t≤ 10 1,5 · t t/(3t+ t)= 25,0% 10% (t= 8) 30,0
6< t≤ 10 1,5 · t t/(3t+ t)= 25,0% 12,5% (t= 10) 37,5
t> 10 2,0 · t t/(4t+ t)= 20,0% 8,7% (t= 12) 26,0
t> 10 2,0 · t t/(4t+ t)= 20,0% 10% (t= 20) 30,0
t> 10 2,0 · t t/(4t+ t)= 20,0% 15% (t= 40) 45,0

Figure 6. Dependency of �Tcf on plate thickness t.

Figure 7. Standardized Charpy-V-sample and position of
Charpy-samples.

5.2 Approach no. 2

5.2.1 Evaluation of T27J -temperature
The data basis of approach no. 2 is 25 sets of full
impact toughness-temperature-curves of cold-formed
hollow sections made of steel S355 in the flat and bent
parts of the cross sections according to EN 10219 pro-
vided by CIDECT (Puthli et al. 2004 & Kosteski et al.
2003), a producer (Ritakallio 2010) and from further
researchers (Dagg et al. 1989 & Soininen 1996). Fig-
ure 7 illustrates the sampling of the specimens from
the flat and the bent parts of the sections on the basis
of CIDECT-report 1A (Puthli et al. 2004). The notch
of the CVN-sample was parallel to the surface.
As an example the impact energies KV for a rectan-

gular section of S355J2H (micro-alloyed fine grain
steel) with the dimensions 100× 100× 10mm are
shown in Figure 8 for the flat parts and in Figure 9
for the bent parts of the cross section. The inner radius
of the section was ri = 12mm.
The toughness properties T27J were evaluated by

fitting an adequate mathematical curve to the mea-
sured impact data. As the measured data points were
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Figure 8. Impact energies KV in the plane (cold-formed)
areas measured for sample no. 4 (RHS 100× 100× 10mm,
S355J2H acc. to EN 10219).

Figure 9. Impact energies KV in the bent (cold-formed)
areas measured for sample no. 4 (RHS 100× 100× 10mm,
S355J2H acc. to EN 10219).

uniformly distributed along the temperature-axis the
KV-T-data pairs could be approximated by the tanh-
function according to equation (7)

withA, B and C representing fitting coefficients to be
determined by the least squares method.
Figure 8 and Figure 9 indicate a small displace-

ment of the KV-T-curve to the right without significant
changes in upper shelf toughness. Moreover, the gra-
dient in the transition zone steepens for cold-formed
material.With equation (7) aT27J,plane-value of−47◦C
for the plane areas of the hollow section and a value
of T27J,bent = −37◦C for the bent areas was evalu-
ated. This example indicates the general tendency
of a loss in toughness when pre-straining effects
like cold-forming are experienced. Due to the inelas-
tic deformations the increase of dislocation density
results in a translation of the KV-T-curve towards the
lower shelf range where cleavage fracture prevails, see
Figure 10.
Measured data as documented from Charpy-V-tests

from cold-formed sections shall be comparable with
measured data that have been used for developing the
assessment procedure in EN 1993-1-10. To achieve

Figure 10. Impact of cold-forming on the KV-T-
relationship.

Figure 11. Undersized Charpy impact test specimens
according to ASTM E23.

compliance the following corrections ofmeasureddata
are introduced.

1. Corrections for undersized specimen with a width
w< 10mm.

2. Corrections due to the position of the impact test
specimen that does not include the maximum strain
εpl as assumed in averaging the strain distribution
for the test specimen.

3. Corrections of measured values of T27J in the flat
part of the cold-formed sections to link the material
properties of feed material for cold-forming.

5.2.2 Effects of undersized impact samples
For plate thickness t< 11mm undersized samples
with w< 10mm (w= t− 2 · 0,5mm for machining)
are applied, cf. Figure 11. With decreasing width w
such samples exhibit a favorable toughness effect asso-
ciatedwith amodification of the triaxiality of the stress
state. Itmay be estimated in terms of an additional tem-
perature shift �Tss by equation (8) established within
the SINTAP-procedure (Zerbst et al.).

It is recommended not to apply the formula for thick-
nesses t below 5mm. The temperature corrections
�Tss are summarized inTable 5 for 6mm≤ t≤ 10mm.
With regard to the impact data evaluation the range
from 8mm to 10mm was relevant.
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Table 5. Temperature shift �Tss due to undersized
specimens.

t [mm] Charpy width w [mm] �Tss [K]

6 5 19,7
7 6 14,1
8 7 9,6
9 8 5,9
10 9 2,7

Figure 12. Definition of strains along the depth of the
Charpy-V-sample.

Figure 13. Steps of cold-forming in the flat parts of the rect-
angular cross section produced by the “universal forming”
process.

5.2.3 Effects of position of sample and strain
gradient

Two sampling positions are distinguished for Charpy-
V-notch-specimens taken at the outside or at the inside
of the radius:

– a position close to the surface with a maximum
strain value εpl and a notch perpendicular to the
surface and

– aposition close to the surfacewith the notchparallel
to the surface.

Therefore, a temperature shift �Tpos (eq. 8) for
the location of the impact test specimen is applied
to transform the results to the reference case in Fig-
ure 12. The correction is performed conservatively
with�Tcf = 3 · εcf with εcf =�ε= εeff − εpos. For the
calculation details of εpos see (Feldmann et al. 2011).

5.2.4 Link between the measured values T27J in the
flat parts to the feed material properties

It is assumed that all cold-formed sections for which
measured data exist have been produced according to

Figure 14. Ratios between T27J,plane and T27J,bent of
cold-formed rectangular sections.

Figure 15. Ratios between corrected values of T27J,plane,corr
and T27J,bent,corr of cold-formed rectangular sections.

the “universal forming” process. The flat parts of the
sections have undergone an effective straining that fol-
lows from Figure 13. The temperature shift �Tcf is
computed with equation (1) and εcf being the effective
strain �εeff = 2 · εeff , see equation (10).

5.2.5 Evaluation of test data
The evaluation considers the results of Charpy-tests
with longitudinal orientated specimens. Beside T27J-
values also the upper shelf behavior (KVUS −TUS) of
the cold-formed sections was investigated. The pop-
ulation of the evaluated data revealed high quality
steels, that even after cold-forming exceed the tough-
ness requirements for any steel grade in EN 10219
by far.
As already demonstrated in the example with test

specimen no. 4, cf. Figure 8 and Figure 9, only a small
decrease in upper shelf toughness is recognized for the
majority of the data between the plane and the corner
areas of the sections. Some results appear to contradict
this tendency which may be caused by an inevitable
large scatter of the CVN-test results. Upper shelf mean
values for the plane area are KVUS,plane = 190 J and
TUS,plane = −28◦C, for the bent areasKVUS,bent = 184 J
and TUS,bent = −38◦C. The distribution of the transi-
tion temperature is shown in Figure 14, mean values
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Table 6. Extract of the extended Table 2.1 according to EN 1993-1-10 for σEd = 0,75 · fy and S355, see Figure 1.

Reference temperature TEd [
◦C]

Charpy
energy CVN 10 0 −10 −20 −30 −40 −50 −60 −70 −80 −90 −100 −110 −120

Steel Sub-
grade grade at T [◦C] Jmin σEd = 0,75 · fy(t)

S355 JR 20 27 43 35 29 24 20 16 14 11 10 8 7 6 5 5
J0 0 27 63 52 43 35 29 24 20 16 14 11 10 8 7 6
J2 −20 27 92 76 63 52 43 35 29 24 20 16 14 11 10 8
M,N −20 40 109 91 75 62 51 42 35 28 23 19 16 13 11 9
ML,NL −50 27 155 131 110 92 76 63 52 43 35 29 24 20 16 14

for T27J are almost identical: T27J,plane = −56◦C and
T27J,bent = −59◦C.
For the determination of the temperature shift�Tcf

due to cold-forming corrections to obtain T27J-values
for the feed material and T27J-values representing the
effects of effective strain (see section 5.2.2, 5.2.3 and
5.2.4) must be applied. For the bent corner region the
measured T27J-values are shifted to the right side of
the KV-T-diagram where the position of the sample
(�Tpos) in the bent area and the triaxiality of the under-
sized specimen (�Tss) gave favorable values, equation
(11).

For the plane region the measured values may contain
cold-forming effects from production�Tcf , see equa-
tion (11), so that they should be shifted to the left in
the KV-T-diagram. Favorable results due to the stress
triaxiality give a further shift �Tss to the right side.
It is assumed that test specimens have been sampled
closely from the surface in the plane areas so that no
�Tpos is taken into account, eq. (12).

The ratios between the corrected values of T27J are
given in Figure 15. The values T27J,plane,corr may be
considered as estimates of the T27J-values for the
feed material for cold-forming and T27J,bent,corr may
be used as an estimate of the T27J-values in the corner
area in compliance with EN 1993-1-10. The following
conclusions can be drawn from Figure 15:

– The scatter of all T27J-values for the feed material
is about 90 K. This corresponds to the situation in
Figure 2 with ��TR = −45K.

– The mean value of T27J,bent,corr in the corner region
is in themean about 30K higher than theT27J-value
for the feed material (T27J,plane,corr). This results in
�Tcf = 30K, see approach no. 1.

6 CONCLUSIONS

A procedure in conformity with EN 1993-1-10 for
the choice of steel material for cold-formed hollow

sections according to EN 10219 was introduced. It
was validated by a large data set of Charpy-values
determined from S355J2H-steel corresponding to the
statistical situation of fracture mechanics tests in
EN 1993-1-10. The value �Tcf for a temperature
shift was determined to be adopted with Table 2.1 of
EN 1993-1-10.
Two different approaches resulted in identical safe-

sided values for rectangular and circular cold-formed
sections. As the experimental test population was lim-
ited with regard to sizes and steel grades approach no.
1 using the concept of effective strains turns out to
be the decisive one. For rectangular hollow sections
the adjustment for all steel grades and sizes of cross
sections reads eventually:

– �Tcf = −35K for t≤ 16mm and
– �Tcf = −45K for t> 16mm

For circular cold-formed hollow sections the max-
imum value may be taken as

– �Tcf = −20K.

For more precise calculations equation (1) with
εcf = εeff in relation to Table 1 can be applied for the
determination of �Tcf . Therein, εeff is defined as the
average value of plastic strain of a Charpy-V-test spec-
imen with longitudinal position in the cold-formed
corner.
Therefore, Table 2.1 in EN 1993-1-10 requires an

extension with regard to low temperature (down to
−120◦C) and should be replaced by the new table,
see Table 6.
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Experimental study on strength and ductility of steel tubular stub columns
filled with Geopolymeric Recycled Concrete
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ABSTRACT: Geopolymeric Recycled Concrete (GRC) is a new construction material which takes environ-
mental sustainability into account, by using alkali solution and fly ash to completely substitute Portland cement
as well as by replacing natural coarse aggregate with recycled coarse aggregate. GRC could be used together
with steel hollow sections to form composite section. There is very limited study on such GRC filled tubular
sections. This paper presents an experimental study on GRC filled tubular stub columns.A total of 12 specimens
were tested. The main parameters varied in the tests are: (1) two section sizes of square hollow sections (B× t)
with 200mm× 6mm and 150mm× 5mm; (2) different concrete types: GRC and RecycledAggregate Concrete
(RAC); (3) different Recycled Aggregate (RA) replacement ratios of 0%, 50% and 100%. The relationship of
load versus axial strain was recorded and analysed to compare the ultimate strength and failure mechanism.
Meanwhile, the ductility of the columns was investigated by a ductility index (DI). The results show that the
ultimate strength decreased with increasing RA contents for both GRC and RAC filled columns.The influence of
RA content on the strength was greater in GRC than that in RAC.The effect of RA content on the ductility of the
columns was further investigated. Simulation method for predicting load versus strain relationship is discussed
for RAC and GRC filled steel tubular columns with different RA replacement ratios.

Keywords: Geopolymeric Recycled Concrete (GRC); tubular stub column; recycled aggregate replacement
ratio; strength; ductility

1 INTRODUCTION

With the development of the human society, the prob-
lems of natural resources reduction, environmental
pollution and greenhouse effect are getting more and
more pressing. Nowadays, as the awareness of envi-
ronmental protection is strengthened, the concept of
“low carbon” is becoming the theme of all the human’s
activities. The infrastructure construction is a main
part of all the human’s performances which result in
the need of concrete all over the word is second only
to water. However, it is estimated the production of
Ordinary PortlandCement (OPC) contributes approxi-
mately 7%of globalman-madeCO2 emissions (Meyer
2009). In order to reduce the CO2 emission effectively,
to find an alternative binder in the concrete is a way
tomake environmental friendly concrete. Geopolymer
is cement-like binder, which is a new type of inor-
ganic polymermaterial generally synthesized by alkali
activation of industrial aluminosilicatewastematerials
such as fly ash, granulated blast furnace slag, con-
struction waste and contaminated soil. The research
on fly ash based geopolymer concrete show that, given

appropriate mixture design and formulation develop-
ment, the concrete could exhibit superior chemical
and mechanical properties to OPC, with high com-
pressive strength, very little brittle drying shrinkage,
low creep, good bond with reinforced steel, and also
good resistance to acid sulphate and fire (Sumajouw
et al. 2007, Sofi et al. 2007, Duxson et al. 2007a,b,
Hardjito et al. 2004, 2005, Swanepoel & Strydom
2002). Using recycled aggregate (RA) to replace the
natural aggregate in the geopolymer concrete partially
or totally to form Geopolymeric Recycled Concrete
(GRC), is a new type of green concrete. In GRC, CO2
emission could be reduced due to without cement, as
well as waste concrete could be reused which shows a
great potential to be used as sustainable construction
material. According to author’s previous experimen-
tal studies, the mechanical properties of GRC present
some advantages comparedwithOPCand correspond-
ing recycled aggregate concrete (RAC) (Shi et al.
2011). However, the structural properties of suchGRC
are barely studied.
Concrete filled steel tube is widely studied and used

because of its smart combination of both steel tube
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and inside concrete (Zhao et al. 2010). At present,
some research show that, the mechanical properties
and structural behavior of RAC filled steel tube could
be improved, indicating higher loading capacity and
better ductility comparedwith ordinary concrete filled
steel tube (Konno et al.1997, 1998,Yang & Han 2006,
Chen et al. 2010a,b). Some theoretical calculations and
numerical analysismethodswere proposed for predict-
ing the load and strain relationship (Zhong 1994,Yang
2007, Han 2007).
This paper describes a series of axial compression

tests carried out on 12 concrete filled square sec-
tion steel tubular columns, including 6 RAC filled
steel tubes (RACFST) and 6 GRC filled steel tubes
(GRCFST) with different RA replacement ratios of
0%, 50% and 100%. The structural behaviors, com-
pressive strength and failure modes of such columns
under axial compressive load are analyzed.

2 EXPERIMENTAL PROGRAM

2.1 Material properties

Cold-formed C350L0 Square Hollow Sections (SHS)
were used in the testing program. The mechanical
properties of steel were obtained by tensile coupon
tests according toAustralian StandardAS1391 (2007).

Table 1. Mechanical properties of steel.

Steel hollow Elastic Yield Ultimate tensile
section modulus stress strength
(mm) E (GPa) fy (Mpa) fu (Mpa)

150× 150× 5 197 486 558
200× 200× 6 199 467 544

Table 2. Densities and water absorption of aggregates
(SSD= saturated surface dry).

Apparent Dry SSD Water
Aggregate density density density absorption
type (t/m3) (t/m3) (t/m3) (%)

NA 2850 2819 2908 1.08
RA 2433 2304 2645 5.60

Table 3. Summary of concrete mixture proportions (kg/m3).

NaOH Na2SiO3
Mixture RA ratio RA/NA Cement Sand Fly ash solution Solution Added Water W/G Ratio

RC0 0% 0/1294 364 554 – – – 182 0.50
RC50 50% 647/647 364 554 – – – 182 0.50
RC100 100% 1294/0 364 554 – – – 182 0.50
GRC0 0% 0/1294 – 554 368 53 131 0 0.50
GRC50 50% 647/647 – 554 368 53 131 0 0.50
GRC100 100% 1294/0 – 554 368 53 131 0 0.50

The coupons were cut from the flat face of the SHS
along the longitudinal direction of the section. The
dimensions and test results of the steel are listed in
Table 1.
All the recycled aggregates were supplied by Alex

Fraser P/L and the fine particles smaller than 4.75mm
were removed from theRAby sieving in the laboratory.
The nominal size of RA and Natural Aggregate (NA)
were 20mm and 14mm, respectively. The densities
and water absorption of RA and NA were presented
in Table 2. The concrete mixture proportions were
based on aggregates in Saturated Surface Dry (SSD)
conditions.
Fly ash (ASTM Class F) was used as the main alu-

minumand silicate source for synthesizing of geopoly-
meric binder. It is mainly glassy with some crystalline
inclusions of mullite, hematite and quartz.
Sodium silicate solution (Na2SiO3) with specific

gravity of 1.53 and sodium hydroxide (NaOH) flakes
of 98% purity were supplied by PQ Australia. The
chemical composition of the sodium silicate solution
wasNa2O= 14.7%,SiO2 = 29.4%andwater= 55.9%
by mass. Sodium hydroxide was dissolved using dis-
tilled water to provide 8 molarity alkaline solutions.
Na2SiO3 and NaOH solutions were prepared one day
prior to usage.
Six mixtures were designed to compare the influ-

ence of different RA replacement ratios on RAC and
GRC concrete. The concrete mixture proportions are
summarized in Table 3. W/G is the ratio of total water
to geopolymeric binder solids.

2.2 Specimens

An electric vibration pole was used while the con-
crete was poured into the steel tube. The specimens
of RACFST columns were cured under polyethy-
lene sheets in the laboratory ambient environment.
The GRCFST columns were cured under polyethylene
sheets at 80◦C for 24 hours in the oven, and thenmoved
out into laboratory ambient environment. In order to
make sure the loading was applied evenly, the sur-
faces of the columns were polished. At the same time,
3 cylinders were made for each type of concrete for
testing the compressive strength of the inside concrete.
In total, 12 steel tubular columns were man-

ufactured. The dimensions and the experimental
results were summarized in Table 4. The total
length of the columns was 750mm. The square
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hollow sections of 200mm× 200mm× 6mm and
150mm× 150mm× 5mm were labeled as “S1” and
“S2”, respectively. 0, 50 and 100 refer to the RA
replacement ratio of the inside concrete are 0%, 50%
and 100%.

2.3 Experimental procedure

Specimens were tested onAMSLER500 in Civil Engi-
neering Laboratory at Monash University. One longi-
tudinal strain and one transverse strain were attached
in the middle of the column on each side to record the
deformation of the steel tubular columns. Two LVDTs
were set up between loading and bottom plates diago-
nally to measure the displacement of the columns.The
test set up is shown in Figure 1.
The loading process was controlled by hydraulic

valve manually. The load, strains and displacements
were recorded during the loading process.

3 RESULTSAND DISCUSSIONS

3.1 Load capacity

The ultimate loads of the specimens are listed
in Table 4. The confinement factor is defined as
ξ=Asfy/Acfck which can indicate the constraining
effect of the outer steel tube to the inner concrete.
The load capacity of the columns decreased with the
increasing RA replacement ratio. In Figure 2, the
results show that the ultimate strength of the columns
decreased much more for GRCFST50 compared with
GRCFST0 of both sectional types.
Here, in order to compare the influences of RA con-

tents on the column’s strength, the strength index SLI
is proposed and defined as:

where Ne0 = experimental results of concrete filled
steel tubular columns with 0% RA replacement ratio;

Table 4. Summary of the specimens and measured properties.

B t L f c f y Fmax SLI
Specimens (mm) (mm) (mm) As/Ac (MPa) (MPa) ξ (kN) DI (%)

S1RC0 200 6 750 0.132 68 467 1.08 3561 2.70 –
S1RC50 200 6 750 0.132 57 467 1.30 3466 3.00 2.7
S1RC100 200 6 750 0.132 49 467 1.49 3297 3.04 7.4
S1GRC0 200 6 750 0.132 69 467 1.07 4497 1.89 –
S1GRC50 200 6 750 0.132 56 467 1.32 3380 3.39 24.8
S1GRC100 200 6 750 0.132 44 467 1.68 3376 2.74 24.9
S2RC0 150 5 750 0.148 68 486 1.26 2184 2.83 –
S2RC50 150 5 750 0.148 57 486 1.52 2100 3.36 3.9
S2RC100 150 5 750 0.148 49 486 1.75 1947 4.83 10.9
S2GRC0 150 5 750 0.148 69 486 1.25 2676 1.64 –
S2GRC50 150 5 750 0.148 56 486 1.54 2100 2.87 21.5
S2GRC100 150 5 750 0.148 44 486 1.97 2057 3.07 23.1

and Ne,r = experimental results of concrete filled
steel tubular columns with r% RA replacement ratio.
The results were listed in Table 4. Obviously, with
more RAs, the load capacity is weaker. The strength
of GRCFST columns with 100% RA replacement
ratio decreased about 24% compared with GRCFST
columns without RAs. However, the reduction for
RACFSTcolumns is only about 10% in this case. It can
be inferred that the RA contents has greater influence
on GRCFST columns than that on RACFST columns.

Figure 1. Test set up (Elchalakani 2002).

Figure 2. Load capacities of different columns.
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Figure 3. The load versus longitudinal strain (N ∼ εL)
curves of S1 columns.

3.2 N∼ ε curves and ductility
The load versus strain (N ∼ ε) curves of the steel tubu-
lar columns indicate the relationship of bearing load
and strain during the loading process, which present
the structural behavior of the columns. The axial load
versus longitudinal strain (N ∼ εL) curves are shown
in Figure 3 and Figure 4 for two different sectional
columns.
The results in Figure 3 and Figure 4 show that,

with the increasing of RA replacement ratio, the ulti-
mate strength of the columns decreased, while the
ultimate strain increased slightly for both S1 and S2.
For RACFST columns, the deduction of the strength
and the increment of the ultimate strain changed almost
homogeneously. However, for GRCFST columns, the
changes of strength and ultimate strain are greatly
influenced by RA contents with 50% replacement
ratio. But with much more RA contents, the changes
are trailed off, such as the comparison of GRCFST
columns with 50% and 100% RA replacement ratios.
After the peak point of the curves in the figures, the
curves drop more slightly with more RA contents for
both RACFST and GRCFST columns. Especially for

Figure 4. The load versus longitudinal strain (N ∼ εL)
curves of S2 columns.

GRCFST columns, the declining period of the curves
drop very sharply for the columns with GRC0, but
much more slightly for the columns with GRC50
and GRC100. These indicate that the ductility of the
columns is improved with RAs for both RACFST and
GRCFSTcolumns. In order to study the ductility quan-
titatively, the ductility index DI is used according to
the method for ordinary concrete filled steel tubular
columns, which is defined as (Han 2002, Tao et al.
2008):

Where ε85% = longitudinal strainwhen the load falls to
85% of the ultimate load; εy = ε75%/0.75, ε75% = axial
strain when the load attains of 75% the ultimate load
in the pre-peak stage. The results of DI for each
column are listed in Table 4. It can be seen from Fig-
ure 5, with more RAs in the columns, the DI values
are higher overall. The ductility of the columns are
improve by 12%, 45%, 70% and 87% for S1RACFST,
S1GRCFST, S2RACFST and S2GRCFST between
100% and 0%RA replacement ratio, respectively.This
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indicates that the influence of RA contents on ductil-
ity for the columns with GRC is greater than that with
RAC. On the other hand, the confinement factor ξ of
S1 is lower than that of S2. It can be inferred that
with better confinement effect, the ductility could be
greater improved.

3.3 Failure mechanism

During the loading process, there is no obvious defor-
mation at the beginning of the loading for all the
columns. With the load being applied near to the ulti-
mate load, some crack noises could be heard. Then,
the local buckling on the columns appeared. The con-
figurations of the columns after the testing are shown
in Figure 6. For S1 columns, the local buckling firstly
appeared near the middle of columns. While the load
went up, the bulges also happened on the top part of
the column. The bulges on the each side of the col-
umn gradually connected together to form the typical
“roof” type failure mode. For S2 columns, the local
buckling mostly started from the top or the bottom
of the column. The bulges appeared on the diagonally
sides of the column as the load carrying on.The failure
mechanism is similar to S1 columns. At the end of the
loading, the bulges were measured as about 2∼ 3 cm
above the steel tube surface.
During the deformation process, they were found

that with more RAs and larger confinement factor,
the failure mode presents a trend of transferring from
shear type to drum type. It can be seen in Figure 6
that the bulges on RC0 and GRC0 columns are in
greater angle on the cross. While, on the RC100 and

Figure 5. The ductility index (DI) of different columns.

Figure 6. The failure modes of the columns.

GRC100 columns, the bulges almost appeared on the
same level around the column.This is also found out by
Han (2007).That is with larger confinement factor, the
failure is generally happened with drum failure mode;
while, with smaller confinement factor, the failure is
always shear broken mode.

4 THEORETICALANALYSIS

According to the numerical analysis method for ordi-
nary concrete filled steel tube on load and strain
relationship, the numerical analysis method for such
GRCFST columns is discussed based the constructive
relationships of steel and the core concrete.

4.1 Constructive relationships

4.1.1 Steel
For cold formed steel, the ideal constructive relation-
ship could be described as elastic-plastic strain-stress
relationship based onmultilinear isotropic strain hard-
ening rule (Chen & Han 1988) as shown in Figure 7.
So, the relationship can be expressed as:

Figure 7. Strain-stress curve of cold-formed steel.
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where, fy = yielding strength of the steel; E=
2.00× 105MPa;ET1 = 0.5E,ET2 = 0.1E,ET3 = 0.05E;
fp = 0.75fy, fym = 0.875fy; ε1 = 0.75fy/E, ε2 = ε1 +
0.125fy/ET1, ε3 = ε2 + 0.125fy/ET2.

4.1.2 Core concrete
In the Concrete Filled Steel Tubular (CFST) structure,
the stress state of the core concrete is different from
concrete in the free state due to the confinement effect
of the outer tube. When the CFST column is under
axial compressive load, the steel tube and the core
concrete carry the load together at the initial period.
The transverse deformation of the steel tube is larger
than that of core concrete due to its greater Poisson’s
ratio, so the core concrete is under axial compression.
As the load being applied, the deformation of con-
crete is increasing. When the transverse deformation
of the core concrete becomes larger than that of steel
tube, the confinement effect of the steel tube on the
core concrete works, and then, the core concrete is
under triaxial compression stress state. Accordingly,
Han (2007) proposed the constructive relationship of
core concrete. Based on Han’s study and the RAC
properties, Yang (2007) revised this mode for RAC’s
strain-stress relationship. Considering the influence of
the RA replacement ratio on the RAC’s compressive
strength and peak strain (Xiao 2005), for square sec-
tional RACFST, the constructive relationship of core
RAC can be described as:

where, σ0 =maximum stress of the concrete;
ε0 = peak strain of the concrete; x= ε

ε0
; y= σ

σ0
;

Considering the different compressive strength
properties of GRC, the relationship of RA replace-
ment ratio and compressive strength can be expressed
as Equation 5 based on previous studies.

So, the maximum stress of core GRC is:

4.2 N/Nmax ∼ εL curves
Based on the definition of materials constructive rela-
tionship, the load and deformation relationship of
RACFST and GRCFST columns under axial load-
ing could be investigated by setting up equilibrium
and deformation-coordination conditions, as well as
the load-deformation relationships for steel and core
concrete could be identified respectively.According to
“FiberModel”method, in order to compare the bearing
load proportion, N/Nmax ∼ εL curve is used to describe
the load-deformation relationship. The hypotheses of
the calculation are:

(1) no sliding between steel tube and core concrete;
(2) the constructive relationships of RAC and GRC

could be expressed as Equation (4) and (5);
(3) only consider the longitudinal equilibrium and

deformation-coordination relation;

The equilibrium equation of the columns gives:

The deformation-coordination condition gives:

where, N = external load; Ns = axial load on the
steel tube; Nc = axial load on the core con-
crete; εsl = longitudinal strain of the steel tube;
εcl = longitudinal strain of the core concrete.
Synthesis method is adopted to realize the calcu-

lation. Firstly, appoint one train value (ε1), and the
corresponding σs and σc can be defined by Equation
(4); and then, the axial load (N1) could be calculated
by adding Ns =Asσs and Nc =Acσc. In the same way,
the second point (ε2) can figure out N2. So, we can
get the typical N/Nmax ∼ εL curves for RACFST and
GRCFST columns, as seen in Figure 8 and Figure 9.
In Figure 8, the curves for columns demonstrate

similar configuration. As the RA contents increase,
the calculated results are better. During the loading
process, when the load added to about 70%∼ 80% of
the maximum load, the columns got into plastic state
from the initial elastic state, which can be found by
the reduction of the curves’ slope. The columns with
more RA contents came into plastic state much earlier.
The curves of steel and core concrete show that, in the
elastic period, the elastic modulus of the steel is larger
than that of the core concrete. As the RA replacement
ratio increasing, the load carried by steel tube would
get larger.
In Figure 9, overall the developing trend of the load-

deformation relationship is similar to the curves in
Figure 8. However, the calculated peak strains of the
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Figure 8. TypicalN/Nmax ∼ εL curves ofRACFST columns.

columns are significant larger than the experimental
results.This is because the predicted peak strainmodel
of GRC is not close to the practical situation due to
the different constructive relationship of GRC from
RAC, especially for the post-peak period. For exam-
ple, in Figure 8(a), the curves declined very sharply
indicating very poor ductility, which is quite differ-
ent from RACFST. With more RAs in the columns,
the peak strain is larger and the ductility of the
columns gets much better. Overall, the simulation of
GRCFSTaccording to themethod forRACFST should
be revised and improved based on more specific core
GRC constructive relationship.

5 CONCLUSIONS

The structural behaviors of geopolymeric recycled
concrete, which is a new sustainable material, filled
in steel tubular columns under axial loading were
investigated by testing 12 concrete filled columns. By
comparison with RACFST and different RA replace-
ment ratios, it can be found that the RA replacement

Figure 9. TypicalN/Nmax ∼ εL curves ofGRCFSTcolumns.

ratios play greater effect on the strength and ductil-
ity to GRCFST than that to RACFST. The strength
of GRCFST columns decreased more obviously with
RAs.The ductility of columns could be improved with
greater RA contents. The failure mechanisms are sim-
ilar for both RACFST and GRCFST columns. The
simulation method for predicting load-deformation
curves, which based on materials constructive rela-
tionships, is feasible for RACFST columns. However,
for GRCFST columns, such method is expected to be
improved by considering more specific strain-stress
relationship of core GRC. Overall, the applications of
GRC in structures show prospective future.
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Rotation capacity and ductility of square hollow sections: A comparison
between cold-formed and hot-finished sections
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ABSTRACT: Bending tests under cyclic loads were carried out on cold-formed (200mm diameter× 12.0 and
12.5mm thickness) and hot-finished sections (180mm diameter× 12.5mm thickness) of steel grade S355J2H
(EN) in order to investigate fracture at welded corner and rotation capacity. The specimens of the tensile coupon
test and Charpy V notch impact test were carried out of the flat areas and corner areas of cold-formed and hot-
finished hollow sections. Using the material properties, the material constants of the modified Ramberg-Osgood
curves are presented. Finite element analyses were carried out to examine the effects of the yield ratio on the
load-deformation curves of bending tests of cold-formed sections.

1 INTRODUCTION

Rectangular hollow sections are used in building struc-
tures as beam-columns. Plastic design can be applied
in frames which resist loads predominately by bend-
ing. There must be sufficient material ductility of the
steel to avoid fracture.
The rotation capacity and ductility of plastic hinges

are affected by the process of manufacturing cold-
formed, hot-rolled and hot-finished square hollow sec-
tions. The strain hardening capacity and the toughness
at the corners part of cold-formed columns decrease
due to strain aging. The seismic design for building
construction requires sufficient deformability in struc-
tural members before clear loss of loading capacity,
caused by local buckling or brittle fracture. In order
to assure the safety usage of cold-formed sections as
frame building members, it is important to study the
brittle fracture characteristics on their corners.
The aim of this paper is to compare the ductility,

notch toughness and rotation capacities of cold-
formed, hot-rolled and hot-finished square hollow sec-
tions as obtained from a number of tests and FE
analyses.

2 EXPERIMENTAL STUDY

2.1 General

An experimental programme of consisting of bending
tests, tensile coupon tests and Charpy V notch impact
tests, was designed to evaluate the difference between
the hot-rolled sections, the hot-finished sections and

Table 1. Material properties.

Material Manufacturing
no. process Origin Standard

1 hot-rolled UK EN10210
2 hot-finished China EN10210
3 cold-formed Malaysia EN10219
4 cold-formed Japan EN10219

Table 2. Sectional dimensions.

Material
no. Dimensions Steel grade

1 180× 180× 12.5 S355J2H
2 180× 180× 12.5 S355J2H
3 200× 200× 12 S355J2H
4 200× 200× 12 S355J2H

cold-formed sections. Table 1 shows the manufac-
turing process and origins of materials. Sectional
dimensions and steel grades are shown in Table 2.

2.2 Tensile coupon tests

Four coupons according to both EN and Japanese
Industrial Standards (JIS) were taken from the cen-
ter of the flats of each tube. Corner coupons according
to JIS were cut from selected a corner of SHS. The
coupons were prepared and tested in accordance with
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Figure 1. Comparison of stress-strain curves.

EN and JIS. Typical stress-strain curves obtained for
the test specimens (JIS) are shown in Figure 1. Yield
strength and ultimate tensile strengths obtained from
coupon testing are summarized in Table 3.

Table 3. Material properties of coupon tests.

YS TS
Material YR
No. MPa %

1 flat 416 537 77.5 JIS
flat 416 523 79.5 EN
corner 421 540 78.0 JIS

2 flat 435 532 81.8 JIS
flat 458 527 86.9 EN
corner 562 625 89.9 JIS

3 flat 511 535 95.5 JIS
flat 461 521 88.5 EN
corner 564 597 94.5 JIS

4 flat 542 569 95.3 JIS
flat 515 569 90.5 EN
corner 573 620 92.4 JIS

YS= yield strength; TS= tensile strength;YR= yield ratio.

For the hot-rolled sections (No. 1), the material has
a distinct yield plateau and there is no significant dif-
ference in stress-strain relations between the flat faces
and the corners of SHS as shown in Figure 1 (a) and
Table 3.
Because of the non-linearity of the stress-strain

curves for the cold-formed sections (No.3 and 4) as
shown in Figure 1 (c) and (d), 0.2 per cent proof stress
was used for yield strength of cold-formed sections.
The yield strengths obtained from the corner coupons
were on average 10% higher than that of the flat faces.
Cold- formed steel has higher yield stress and tensile
stress but less ductility than hot-rolled steel.
For the hot-finished section (No. 2) as shown in Fig-

ure 1 (b), the material has a yield plateau, but there are
difference in stress-strain relations and the values of
yield strength, tensile strength and yield ratio between
the flat faces and the corners as shown in Table 3 and
Figure 1 (b), The behaviours of hot-finished mate-
rials are between the cold- formed and hot-rolled
sections.
The difference in shapes of specimens between EN

and JIS affect the results of coupon test. The average
of the yield stress of EN specimens from the flat faces
was used in the determination of plastic moment.

2.3 Charpy V-notch Impact tests

Standard full-size 10× 10× 55mm test pieces were
cut from SHS on the surface. For each tube type,
CharpyV-Notch (CVN) test coupons were taken from
flats faces and corners around the cross-section at the
longitudinal direction. The coupons had a through-
thickness notch orientation.
Figure 2 shows the test results for the four tube types

sampled with CVN test specimens at temperatures of
−40◦C,−20◦C and 0 ◦C. Because of the inherent scat-
ter ofCVN test results, either three replicate specimens
from flats face and four specimens from corners were
tested at each target temperature. In total, 84 CVN
specimens have been machined and impact tested.
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Figure 2 (a) shows the toughness-temperature
results of the hot-rolled tube (No. 1). There is no sig-
nificant difference in absorbed energy of CVN test
results between the flat faces and the corners.
The results of hot-finished tube (No. 2) are shown

in Figure 2 (b). The difference in absorbed energy
between the flat faces and corners are significant. The
corner regions of the hot-finished SHS produce lower
CVN toughness values than the flat faces.
Figures 2 (c) and (d) show the relations of test

results between toughness and temperature of the cold-
formed tubes. There is no significant difference in
absorbed energy of CVN test results between the flat
faces and the corners. Toughness properties of cold-
formed test results exceed the requirements at all
locations around the cross-section. The effect of the
properties of parent steels on toughness may cause the
difference in toughness between No.3 and No.4.
All the test results accord with requirements of

EN10210 or EN10219. Specimens of cold-formed
SHS showed much higher value than the other two,
while the values of hot-formed and hot-finished SHS
are closing to each other.

2.4 Bending tests

A diagram of the test set-up is shown in Figure 3.
The three point bending arrangement provide triangle
bendingmoment distribution at a half part of the speci-
men. Specimenswere supported onmechanical rollers
which simulated a set of simple supports. Because of
the decision of maximum bending stress at the corner
of the sections, the sections of specimen are 45 degrees
around the member axis.
Figure 4 shows the number of cycles and displace-

ments corresponding beam rotation at the mid span.
The rotation is calculated by dividing the displace-
ments of the mid span by the half span length of the
beam. The cyclic loadings were applied at the mid
span.
The results of the cyclic bending tests are presented

in Figure 5. The rotation capacities of hollow sections
for seismic design are estimated by the skeleton curves
using the cyclic tests results as shown in Figure 6.
Figure 5 and 6 shows the relations of M /Mp and θ/θp.
Mp is the plastic moment of the section based on the
measured dimensions and the mean of yield stress of
the flat faces. The moment is normalized with respect
to Mp. The rotation is normalized with respect to θp,
where θp is the elastic rotation at theMp. The decrease
in moment is usually associated with an inelastic local
buckle or fractures.
The specimens have the CPJ welded joints between

the steel plate at the load point and SHS member. The
corner at the maximum bending stress of the specimen
has weld. All specimens experienced initial ductile
cracks at the deformations (θ/θp = 4). There was no
unloading associated with the ductile cracks. The hot-
rolled (No.1) and cold-formed specimens (No.3,No.4)
experienced local buckling which produced a slowly
shedding of load with increased deflection at larger

Figure 2. Plots of Charpy toughness-temperature.
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Figure 3. Test set-up.

Figure 4. Loading procedure.

deformations as shown in Figure 7. The hot-finished
specimen (No.2) failed through ductile fracture of
the weld at the corner. Hot-rolled specimen (No.1)
exhibited large deflections and an inelastic local defor-
mation was observed at high rotations (θ/θp) greater
than 15 as shown in Figure 6.
There was no sudden unloading associated with the

local buckles and fractures as shown in Figure 5 and 6.
No specimen failed due to insufficient material duc-
tility. All of the sections failed to reach the plastic
moment and have plastic rotation capacity (θ/θp> 5)
sufficient for plastic design as shown in Figure 6.
The relation between moment and deformation of

the hot-rolled section is considerable lower moment
than the hot-finished and cold-formed sections as
shown in Figure 6.
The yield ratio of the cold-formed sections (No.4)

coincide with limit of the material ductility require-
ment (1/YR= 1.1) of Eurocode 3 for plastic design.
However local buckling was the failure mode of the
both hot-rolled and cold-formed sections. The limita-
tion on cold-formed SHS for plastic design on reduced
material ductility may need reconsiderations.

3 FEA FOR BENDING TESTS
OF COLD-FORMED SHS

3.1 Material stress-strain models

Cold-formed stress-strain curves with showing a
smooth elastic-plastic transition obtained from the test
specimens are shown in Figure 1 (c) and (d).

Figure 5. Moment vs. rotation relations of beams.
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Figure 6. Skeleton curves of cyclic test results.

The Ramberg-Osgood equation, expressed in terms
of strain, is:

where ε= logarithmic strain; σ= true stress; σy =
yield stress (yield strength); E = elastic modulus and
n=material constant.

in which eis the mathematical constant.
where:

Equation 2 is used for determining thematerial con-
stant (n) inEquation 1 (Ochi 2010).The true stress-true
strain curves generated by the Ramberg-Osgood equa-
tion using the yield strength and tensile strength of the
JIS specimens in Table 3 are shown in Figure 8.

3.2 Results of FEA

The numerical analyses were performed using finite
element code ANSYS (2010). Because of symmetry
at the mid span of specimens, the FEA model only
considered half of the specimen. A shell finite ele-
ment model is used to the plastic and local buckling
behaviours of cold-formed sections. The multi-linear
true stress-true strain relations fitted with equation 1
as shown in Figure 8 were used. Residual stresses were
neglected in the models.
Figure 9 shows load-deformation relations obtained

from tests and the FE analyses.Themaximum strength
of the tests are seen to be in close agreement with the
results of the FEA. The load rotation relations pre-
dicted by FEA models were extremely close to the
experimental skeleton curves at ultimate behaviour
including local buckling.

Figure 7. A comparison of failure modes with hot-rolled
section and cold-formed section.
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Figure 8. Ramberg-Osgood true stress-true strain curves.

Figure 10 shows the distribution of the Von Mises
equivalent stress and deformations generated by the
finite element models at the ultimate strength. In Fig-
ure 10, the areas of stress concentration and local
buckling shapes at the corner of tube end agree well
with the location of cracks and local buckling shown
in Figure 7.
The FEA model using stress-strain relations with

cold-formed high yield ratio demonstrate their ability
to provide close predictions of the ultimate behaviour
of local buckling.

4 CONCLUSIONS

The results from bending tests under cyclic loads are
presented. The effects of the forming process such as
cold-formed, hot-finished and hot-rolled sections are
examined.All of the sections failed to reach the plastic
moment and have plastic rotation capacity sufficient
for plastic design.
The specimens of the tensile coupon test andCharpy

V notch impact test were carried out of the flat areas

Figure 9. Experimental skeleton curve andFEA for bending
tests of cold-formed sections.

Figure 10. Example of FEA deformed shape and vonMises
stress.

and corner areas of cold-formed, hot-finished and hot-
rolled hollow sections. All the test results accord with
the steel specifications. Specimens of cold-formed
SHS showed much higher value than the other two,
while the values of hot-formed and hot-finished SHS
are closing to each other.
Using the cold-formed material properties, the

material constants of the modified Ramberg-Osgood
curves are presented. Finite Element (FE) analyses
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were carried out to examine the effects of the yield
ratio on the load-deformation curves of bending tests
of cold-formed sections.
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Comparative study on cold-formed, hot-formed and hot-finished
structural hollow sections

S.P. Chiew & M.S. Zhao
School of Civil and Environmental Engineering, Nanyang Technological University, Singapore

ABSTRACT: A comparative study on the influence of different manufacturing process on physical, chemical
and mechanical properties of cold-formed, hot-formed and cold-formed with subsequent heat treatment steel
square structural hollow sectionsmanufactured toGrade S355J2HofBSEN10219 andBSEN10210was carried
out. Physical propertieswere checked against the corresponding production standards. Chemical composition test
using optical emission spectrometer was employed to analyze their differences in chemical contents, while tensile
test, sectioning test and hole-drilling test were carried out to analyze the difference in mechanical properties
such as yield stress, tensile stress, ductility, impact toughness and locked-in residual stress. The study concluded
that mechanical properties are greatly affected by their manufacturing process, and hot-finished sections are not
the same as hot-formed sections although they shared the same production standard.

1 INTRODUCTION

Structural Hollow Sections (SHS), especially rectan-
gular sections, are widely used in welded steel frames
due to their advantages in both efficiency and aesthet-
ics. Such tubular members are efficient under axial
compression, bending and torsion about any axis.
Meanwhile, for architectural reasons, the clean lines
of a closed section are aesthetically pleasing, and min-
imize the amount of surface area for dirt, corrosion,
or other fouling (Marshall 1992). Currently, SHS are
classified into two major groups based on their manu-
facturing method: hot-finished and cold-formed SHS
(EN 10210: 2006 and EN 10219: 2006 respectively),
in which hot-finished hollow sections consist of two
types, i.e. hollow sections formed hot and formed cold
with subsequent heat treatment (hot-formed and hot-
finished). Hot-finished hollow sections are treated as
the same as the hot-formed in mechanical properties,
provided that the hollow sections formed cold are fully
annealed in subsequent heat treatments.
Although the steel grades for the three types of

SHS may be the same, e.g. S355J2H, the different
manufacturing processes result in several key differ-
ences from physical to mechanical properties. First,
cold-formed SHSs have larger corner radii than hot-
formed due to the high degree of cold working in
the corner region. Second, the mechanical properties
of cold-formed hollow sections are inhomogeneous
around the perimeter due to strain hardening during
cold forming (Salmi 2006 and Gardner et al 2010).
Besides, the potential for micro cracks at the cor-
ners and large amount of residual stresses due to cold
forming make cold-formed sections more unsuitable
for dynamic and fatigue applications (George 1961

and Puthli 2004). As a result, although cold-formed
SHSs are easier to manufacture and more economi-
cal, they are often treated unfavorably compared with
hot-formed/hot-finished SHSs.

2 EXPERIMENTAL INVESTIGATION

In this study, the influence of different manufacturing
process on physical, chemical and mechanical prop-
erties of cold-formed, hot-formed and hot-finished
square steel structural hollow sections manufac-
tured to Grade S355J2H of BS EN 10219 and
BS EN 10210 was investigated. The hot-formed
and hot-finished hollow sections investigated were
of dimensions 180mm× 180mm× 12.5mm, while
cold-formed hollow section was of dimensions
200mm× 200mm× 12.5mm. It is a pity that the
cold-formed hollow section was in different sizes, but
non-geometrical parameterswere used tominimize the
influences. Physical properties check was carried out
first against their corresponding production standards.
Subsequently, Optical Emission Spectrometer (OES)
was employed in chemical composition analysis to
compare the physical differences, while tensile test,
sectioning test and hole-drilling testwere carried out to
analyze the difference inmechanical properties such as
yield stress, tensile stress, ductility, impact toughness
and locked-in residual stress.

2.1 Physical properties test

The surface delivery conditions and dimensional
tolerances for cold-formed steel and hot-formed/
hot-finished hollow sections were checked against EN
10219-2: 2006 and EN 10210-2:2006 respectively.
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Figure 1. The three hollow section specimens.

Figure 2. Chemical test using OES.

Surface discontinuities in terms of imperfections and
defects were checked against the depth of representa-
tive surface discontinuities defined by the correspond-
ing product standards, and the following geometrical
dimensions were measured, width b, height h, wall
thickness t at each side of the sections, inner corner
radii (ri) and outer corner radii (ro) at all corners, as
shown in Figure 1. Based on the mean values of the
measured dimensions, the non-geometrical parame-
ters were calculated, including b/t, outer corner radii
related to wall thickness ro/t and inner corner radii
related to wall thickness ri/t.

2.2 Chemical composition test

Chemical composition analysis was carried out using
the Optical Emission Spectrometer, a universal metal
components analyzer widely used in metal producing,
processing and recycling industries, which is shown
in Figure 2. The specimens were 100mm long and
wide, with depths of 12.5mm, and all were cut from
the surfaces without weld seam, which were the same
positions for tensile test coupons, as shown in Figure 3.
On each specimen, three tests were carried out after
surface polishing.A complete chemical analysis of the
following elements has been done: C,Mn, Cu, P, S,Al,
Ti, Si, Cr, Mo, V, Ni, and CE.

2.3 Mechanical properties test

Specimens for tensile test and charpy v-notch impact
test were designed and tested according to EN 10002
and EN ISO 148 respectively.
In tensile tests, three coupons tests were carried

out for each hollow section. Both strain gauge and

Figure 3. Sources and dimensions of tensile test specimens.

Figure 4. Location of specimens and impact test machine.

extensometer were employed to record the strain-
elongation data. The sources and dimensions of the
specimen are shown in Figure 3. Non-proportional
gauge length of 80mm was employed as the origi-
nal gauge length. For conversion of elongation values
from non-proportional gauge length to the propor-
tional gauge length, 5.65

√
So, the conversion tables

from BS EN 2566-1 were used.
In charpy v-notch impact test, standard test speci-

mens were cut from the surface opposite to that with
weld seam. Three specimens were tested for each
hollow section: the first specimen was cut from the
transverse direction and had V-notch on the outside
surface; the second one was cut at the longitudinal
direction, and had V-notch on the outside surface; the
third one was cut from the transverse direction and had
V-notch at the normal direction of the SHS, as shown
in Figure 4. The specimens were 55mm long and of
square section with widths of 10mm. A standard V-
notch which had an included angle of 45◦, a depth of
2mm, and a root radius of 0.25mmwas cut in the cen-
tre of each specimen. Finally, the test tests were carried
out at−20.0◦Cwith temperature precision of±0.1◦C.

2.4 Residual stresses measurement

The residual stress in cold-formed, hot-formed and
hot-finished SHSwasmeasured by Sectioning test and
hole-drilling strain gauge method (ASTM E837-08).
Sectioning test was done first as qualitative mea-
surement, and subsequently hole-drilling strain gauge
test as quantitative measurement. In the sectioning
test, specimens with length of 200mm were cut from
the tubes. There were 3 cuts with equal spacing on
each side and depth of 170mm. The cutting positions
on hot-formed/hot-finished specimens are shown in
Figure 5 as example.
The hole-drilling method, which can identify in-

plane residual stresses within the boundaries of the
drilled hole on the work piece material, was employed
to measure the locked-in residual stresses along
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Figure 5. Sectioning test.

Figure 6. Hole-drilling test.

the perimeters of the hollow sections. This test is
often described as a type of semi-destructive resid-
ual stresses measurement because the damage that it
causes is localized and often does not significantly
affect the usefulness of the work piece (ASTM E837-
08 2008). In the hole-drilling test, specimens with
lengths of 1m were cut from the tubes which are long
enough to eliminate the influences of stress relieving
caused by cutting, and the center loop of the speci-
men was chosen as the test area. RS200 milling guide
and electric strain gauge FRAS-2-11 were employed
to measure the residual stresses within the depth of
2mm. During the test, a 2mm deep hole was drilled in
the center of the special strain gauge rosette in several
steps depending on the required calculation method
and precision. The released strains at each step were
recorded for further residual stress calculation using
the formulas provided by ASTM E837-08.
As the hollow sections are usually loaded longi-

tudinally in practice, the measurement was focus on
the residual stresses in the longitudinal direction (per-
pendicular to the section). Further study about the
residual stresses in the transverse direction (shear
stresses along the perimeter) is under processing up to
now, and thus will not be published in this paper. Test
positions were arranged with equal distance along the
perimeter, and extra test points were added at corners
and weld seam. The test positions on the hot-formed
andhot-finishedhollowsections are shown inFigure 6.

3 TEST RESULTS

3.1 Physical properties check results

As the surfaces of all the hollow sections were elabo-
rately treated by the manufacturers, no surface discon-
tinuities which were not allowed in BS EN 10210 and

Table 1. Geometrical dimensions.

b t ro ri
Sample (mm) (mm) (mm) (mm) b/t ro/t ri/t

Cold- 200.5 12.8 30 22 15.7 2.35 1.71
formed
Hot- 180.3 12.7 25 12 14.2 1.97 0.95
formed
Hot- 180.3 12.9 27 14 14.0 2.08 1.09
finished

BS EN 10219 were found. The measured mean geo-
metrical dimensions as well as the non-geometrical
parameters are shown in Table 1. Although the thick-
nesses of the three sections were the same and the
widths of the square hollow sections were comparable,
their radii at the corners differ remarkably. Cold-
formed hollow section had the biggest inner radius
and outer radii, followed by hot-finished and then
hot-formed hollow sections.

3.2 Chemical test results

The chemical compositions of hot-formed, cold-
formed and hot-finished square hollow sections are
listed inTable 2.All the elements contents were strictly
within the ranges required byBSEN10210 andBSEN
10219. Generally, it is shown that the compositions of
the three sections are similar to each other, although
they share different product standards. Small differ-
ences were observed in the contents of C, Mn and Cu
and so on among the three types of hollow sections,
which may be the result of adjustment for manufactur-
ing purposes. However, the slight variance in certain
elements accumulates to a difference in CE which was
calculated according to the AWS CE equation, and
eventually weldability. Cold-formed hollow sections
turned out to have the lowest CE value, followed by
hot-finished S355J2H and hot-formed, which is out
of expectation. Although the CE values satisfied the
requirement from EN 10210 and EN 10219, the AWS
states that for CE value above 0.4 there is a potential
for cracking the heat affected zone on flame cut edges
and welds (AWS D1.1 2008), which put the investi-
gated hot-formed hollow section in question.Although
the tested tubes could not represent all the sections in
each kind, it is proven that cold-formedSHS can obtain
good weldability as hot-formed or hot-finished SHS.

3.3 Mechanical test results

Although the studied hot-formed, hot-finished and
cold-formed square hollow sections consist of sim-
ilar contents of elements, they differ remarkably in
mechanical properties, as shown inTable 3–4 and Fig-
ure 7. In tensile test, Hot-formed and Hot-finished
steels showed typical high tensile stress-elongation
curve with obvious yield stage but cold-formed steel
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Table 2. Chemical composition of cold-formed, hot-finished and hot-formed SHS.

C Mn Cu P S Al Ti Si Cr Mo V Ni CE

Cold-formed 0.07 0.97 0.022 0.031 0.005 0.02 <0.001 0.16 0.026 0.008 0.004 0.020 0.270
EN 10219-1 ≤0.2 ≤1.6 ≤0.35 ≤0.04 ≤0.04 ≥0.02 ≤0.05 ≤0.6 ≤0.3 ≤0.2 ≤0.05 ≤0.8 ≤0.45
Hot-formed 0.14 1.330 0.034 0.031 0.009 0.045 <0.001 0.340 0.033 0.008 0.006 0.026 0.432
Hot-finished 0.12 1.300 0.017 0.033 0.006 0.029 <0.001 0.170 0.024 0.010 0.009 0.016 0.360
EN 10210-1 ≤0.2 ≤1.6 ≤0.35 ≤0.04 ≤0.04 ≥0.02 ≤0.03 ≤0.6 ≤0.3 ≤0.1 ≤0.2 ≤0.8 ≤0.45

Table 3. Tensile test results.

Elongation on
5.65

√
So

Sample fy fu Stress GaugeLength
(S355J2H) (MPa) (MPa) ratio (%)

Cold-formed 526 563 1.07 22
Hot-formed 412 536 1.30 31
Hot-finished 454 546 1.20 27
EN 10210 & Min. 355 Min. 470 Min. 22
EN 10219 Max. 630

Table 4. Charpy impact test results.

Energy Average EN 10210 &
Samples and Positions (J) (J) EN 10219

Cold-formed 1 168.6 172.8

Min. 27 J

S355J2H 2 255.4
3 94.4

Hot-formed 1 56.9 127.4
S355J2H 2 280.2

3 45.0

Hot-finished 1 143.1 135.1
S355J2H 2 190.5

3 71.7

did not. Specifically, cold-formed S355J2H showed
the highest yield and tensile strength but theworst duc-
tility in terms of tensile ratio and elongation. On the
contrary, hot-formed steel showed the lowest strength
yet the best ductility. Hot-finished S355J2H behaved
intermediately between the other two in both strength
and ductility, i.e. intermediate strength and ductility.
The toughness values of the tested specimen var-

ied with their original positions and cut directions on
the tubes. Specimens from position 2 have the high-
est toughness values which are much more than the
values required by EN 10210 and EN 10219, while
the values of specimens from position 3 showed much
lower values than the other two though they are still in
the safe range. However, it should be mentioned that
the toughness at the flat area of hot-finished SHS dis-
tributed in the same pattern as cold-formed SHS, with
clear three stages. The toughness at positions 1 and
3 of the hot-formed SHS were both low, but that at

Figure 7. Stress-elongation curves of cold-formed, hot-
formed and hot-finished specimens.

Figure 8. Sectioning test of the hot-formed hollow section.

position 2 was extremely high. Overall, cold-formed
S355J2H showed the best toughness, while that of hot-
formed and hot-finished S355J2H were comparable.
Although it may be too soon to conclude that the con-
cern for brittle fracture at the flat area on the sections
seems to be redundant for cold-formed SHSs, but it is
proven that cold-formed SHS can obtain good tough-
ness comparable to hot-formed and hot-finished SHSs
at least.

3.4 Residual stress measurement

After stress relieving by sectioning for depths of
170mm, thewidth of cold-formedSHS increased from
200mm to 210mm (5%); that of hot-formed SHS
remained the same (180mm); that of hot-finished SHS
increased from 180mm to 186mm (3.3%). From the
contrast of sectioned and original specimen, it can be
conclude that cold-formed SHS contained the largest
amount of residual stresses, and hot-finished SHS con-
tained median, while hot-formed SHS contained the
least, as shown in Figure 8–10.
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Figure 9. Sectioning test of the hot-finished hollow section.

Figure 10. Sectioning test of the cold-formed hollow
section.

Quantitative measurement of residual stress was
provided by hole-drilling strain gauge method pre-
cisely. In accordancewith geometrical symmetry, axial
stresses normal to the section were generally sym-
metrical, as presented in Figure 11. However, residual
stresses fluctuate distinctly at locations near the weld
and corners. The summary of residual stress distribu-
tion is presented in Figure 11(d), in which the values
measured residual stress values were divided by the
corresponding actual strengths listed in Table 3, i.e.
ft/fy, and the angle values corresponding to the coor-
dinate system shown in Figure 1. For cold-formed
hollow section, the largest longitudinal stress was
414.9MPa, locating at the weld seam, which already
exceeded the nominal yield stress (355MPa) as much
as 16.9%. Compared with cold-formed hollow sec-
tion, hot-formed SHS obtained much smaller residual
stresses and most parts were even in small compres-
sion. The distributions of residual stresses in hot-
finished SHS were extremely similar to those in the
cold-formed, particularly from 135◦ to 360◦, but the
values were much smaller, especially those near weld
seam and corners.
From the comparison of average residual stresses

on the flat areas presented in Table 5, it can also been
seen that the hot-formed SHS have the least locked-
in residual stresses, followed by the hot-finished and
cold-formed SHS. In addition, the residual stress
distribution patterns of hot-formed and hot-finished
SHSs are totally different, i.e. the residual stress dis-
tributions of hot-finished are more similar to that of
the cold-formed SHS.

Figure 11. Longitudinal residual stresses in the testedSHSs.

Table 5. The average residual stresses on each faces (MPa).

Samples Face 1 Face 2 Face 3 Face 4

Cold-formed 359.5 282.8 211.6 222.7
Hot-formed −30.1 −107.7 −125.4 8.2
Hot-finished 133.0 102.1 99.4 143.4

4 CONCLUSIONS

A comparative study on the influence of different
manufacturing process on physical, chemical and
mechanical properties of cold-formed, hot-formed and
hot-finished steel square structural hollow sections
was carried out. Physical examination and chemical
analysis were carried out while tensile test, sectioning
test and hole-drilling test were carried out to analyze
the difference in mechanical properties such as yield
stress, tensile stress, ductility, impact toughness and
locked-in residual stress. While the three sections are
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able to comply fully with their production standards,
they are very different mechanically. Specifically, hot-
formed andhot-finished hollow sections have different
mechanical properties although they shared the same
production standard.
In the tests, the cold-formed SHS showed the high-

est strength but the lowest ductility; the hot-formed
SHShad the lowest strengthbut the best ductility,while
the hot-finished SHS was somewhere in between. The
highest toughness at −20◦C was showed by cold-
formed S355J2H, but the values of all three different
sections are much higher than those required by the
corresponding product standards. Although the tested
tubes may be insufficient to represent all the sec-
tions in each kind, it is proven that cold-formed SHS
can obtain good weldability and toughness as hot-
formed or hot-finished SHS. However, there were
large amount of longitudinal residual stresses locked
in the cold-formed SHS, especially the locations near
the weld seam and corners. This is the main reason
why cold-formed sections are treated differently in all
design codes. Besides, hot-finished hollow sections
are treated the same as hot-formed hollow sections
in design codes such as BS 5950 and EN 1993 yet
they still have much residual stresses distributed simi-
lar to those in the cold-formed hollow section and their
mechanical properties have been shown to be differ-
ent from hot-formed hollow sections.This is an area of
concern since structural safety may be compromised
and it is recommended that both production standard
EN 10210 and design codes such BS 5950 and EN
1993 should be tightened to address this concern.
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an informa business

Tubular Structures XIV contains the latest scientific and engineering 
developments in the field of tubular steel structures, as presented at the 14th 
International Symposium on Tubular Structures (ISTS14, Imperial College 
London, UK, 12-14 September 2012). The International Symposium on Tubular 
Structures (ISTS) has a long-standing reputation for being the principal showcase 
for manufactured tubing and the prime international forum for presentation 
and discussion of research, developments and applications in this field.
                                                                                                                                                                                       
Various key and emerging subjects in the field of hollow structural sections 
are covered, such as: special applications and case studies, static and fatigue 
behaviour of connections/joints, concrete-filled and composite tubular members 
and offshore structures, earthquake and dynamic resistance, specification and 
standard developments, material properties and section forming, stainless steel 
and aluminum structures, fire resistance, castings and fabrication innovations. 
Research and development issues presented in this topical book are applicable 
to buildings, bridges, offshore structures, entertainment rides, cranes, trusses 
and towers.

Tubular Structures XIV is thus a pertinent reference source for architects, 
civil and mechanical engineers, designers, steel fabricators and contractors, 
manufacturers of hollow sections or related construction products, trade 
associations involved with tubing, owners or developers of tubular structures, 
steel specification committees, academics and research students all around 
the world.
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